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Preface

Soil dynamics is an important component of earthquake engineering that deals with
the response of soil to dynamic loads. This book volume contains latest research
papers on field and laboratory testing of soils for the estimation of dynamic soil
properties, soil liquefaction, and soil–structure interaction under dynamic loading
selected from the proceedings of 7th International Conference on Recent Advances
in Geotechnical Earthquake Engineering and Soil Dynamics, 2021.

We thank all the staff of Springer for their full support and cooperation at all the
stages of the publication of this book. We do hope that this book will be beneficial to
students, researchers, and professionals working in the field of earthquake hazards.
The comments and suggestions from the readers and users of this book are most
welcome.

We thank and acknowledge the service of following reviewers for their valuable
time and efforts.
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T. G. Sitharam
S. V. Dinesh
Ravi Jakka

v



Acknowledgements

We (editors) want to thank all the authors who have contributed to the book. We
could bring this book out due to all the authors’ timely contribution and cooperation.
We thank and acknowledge the service of the following reviewers for their valuable
time and efforts.

Ajay Chourasia, CSIR-CBRI
Amarnath Hegde, Indian Institute of Technology Patna
Amit Verma, IIT (BHU)
Anil Cherian, Strainstall
Anitha Kumari S. D., Ramaiah University of Applied Sciences
Arvind Kumar Jha, Indian Institute of Technology (IIT) Patna
Asha Nair, CMR Institute of Technology, Bengaluru
Babloo Chaudhary, NITK Surathkal
Bal Rastogi, Indian Society of Earthquake Science
Chittaranjan Birabar Nayak, Vidya Pratishthan’s Kamalnayan Bajaj Institute of
Engineering and Technology
Dauji Saha, Bhabha Atomic Research Centre, Homi Bhabha National Institute
Deepankar Choudhury, Indian Institute of Technology Bombay
Dhanaji Chavan, IISc
Gopal Santana Phani Madabhushi, University of Cambridge
Jagdish Sahoo, IIT Kanpur
Kalyan Kumar G., NIT Warangal
Karthik Reddy Konala S. K., IIT Hyderabad
Ketan Bajaj, Risk Management Solutions
Manas Kumar Bhoi, PDPU
Md. Mizanur Rahman, University of South Australia
Padmanabhan G., Indira Gandhi Center for Atomic Research
Pradeep Kumar Singh Chauhan, CSIR-Central Building Research Institute, Roorkee
Premalatha Krishnamurthy, Anna University
Prishati Raychowdhury, IIT Kanpur
Purnanand Savoikar, Goa Engineering College
Rajib Saha, NIT Agartala

vii



viii Acknowledgements

Rajib Sarkar, IIT (ISM) Dhanbad
Ramkrishnan R., Amrita Vishwa Vidyapeetham
Rangaswamy K., NIT Calicut
Ravi K., IIT Guwahati
Renjitha Varghese, National Institute of Technology, Calicut, Kerala, India
Sanjay Verma, Indian Geotechnical Society, Jabalpur Chapter
Sarat Kumar Das, Indian Institute of Technology (ISM) Dhanbad
Shreyasvi C., National Institute of Technology Karnataka
Snehal Kaushik, Girijananda Chowdhury Institute of Management and Technology,
Guwahati.
Sreevalsa Kolathayar, National Institute of Technology Karnataka, Surathkal
Supriya Mohanty, Indian Institute of Technology (BHU),Varanasi
Surya Muthukumar, Amrita School of Engineering, Amrita Vishwa Vidhyapeetham
Vinay Srivastava, Retd. IIT ISM Dhanbad
Vipin K. S., Swiss Re
Visuvasam Joseph Antony, Vellore Institute of Technology



Contents

Dynamic Soil Properties of Enzymatic Cement-Stabilised Clay . . . . . . . . 1
Geethu Thomas and Kodi Rangaswamy

Effect of Fines Content on Dynamic Properties of Sand Using
Bender Element . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 11
Sandip Shivaji Bhutale and R. S. Dalvi

Dynamic Pore Pressure Responses of Sand–Rubber Tire Shred
Mixtures from Cyclic Simple Shear and Cyclic Triaxial Tests . . . . . . . . . . 23
B. R. Madhusudhan, A. Boominathan, and S. Banerjee

Calibration Exercise of Fixed-Free Resonant Column Apparatus . . . . . . 35
Ninad Sanjeev Shinde and Jyant Kumar

Investigation of Dynamic Response of Rubber Tire Chips
for Geotechnical Applications . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 43
Adyasha Swayamsiddha Amanta and Satyanarayana Murty Dasaka

Implications of On-Sample LVDTs in Cyclic Triaxial Test
to Measure Small-Strain Shear Modulus . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 53
Shiv Shankar Kumar, A. Murali Krishna, and Arindam Dey

Use of Biosensors for Assessing Soil Stabilization
with MICP—A Review . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 63
M. S. Varnitha, Bharathi Ganesh, Sureka Naagesh, B. V. Manjunatha,
and H. N. Ramesh

Geotechnical Properties of Lunar Soil Simulantions . . . . . . . . . . . . . . . . . . 73
T. Prabu, I. Venugopal, and K. Muthukkumaran

Dynamic Characterization of Sand of Indo-Bangla Border
for Seismic Design . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 83
Rajat Debnath, Rajib Saha, and Sumanta Haldar

ix



x Contents

Effect of Matric Suction and CSR on Dynamic Response
of Expansive Soil . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 95
Naman Kantesaria and Ajanta Sachan

Effect of Relative Compaction on Dynamic Behaviour of Low
Plasticity Cohesive Soil . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 109
Adarsh Singh Thakur, Naman Kantesaria, and Ajanta Sachan

Stress–Strain Behavior of Non-liquefied Soil and Liquefied Soil . . . . . . . . 121
Arup Bhattacharjee, Begum Emte Ajom, and Partha Pratim Baruah

Dynamic Properties of Sand Reinforced with Recycled High
Impact Polystyrene (HIPS) . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 133
Surya Muthukumar, Jagath Bhogadi, Saisudheerreddy Bogathi,
Aaseesh Kunappareddy, Reena Jesuraj, Vinay Babu,
Priyadarshini Vijayakumar, and Nivetha Jagadeesan

A Comparative Case Study on Various Admixtures Used for Soil
Stabilization . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 147
Ankush Baranwal, Ajay Yadav, and Sneha Gupta

Seismic Performance of Cohesionless Soil Underneath Gravity Dam . . . . 159
Asad H. Aldefae, Mohammed S. Shamkhi, and Thulfiqar Kh. Alhachami

Liquefaction Resistance of Desaturated and Partly Saturated
Clean Sand . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 171
Dhanaji Chavan, T. G. Sitharam, and P. Anbazhagan

Liquefaction Behavior of Low to Medium Plasticity Sand-Fines
Mixtures . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 181
Muttana S. Balreddy, S. V. Dinesh, and T. G. Sitharam

Influence of Density on the Static Liquefaction Characteristics
of a Sandy Kutch Soil . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 193
R. Bhamidipati, M. Hussain, and A. Sachan

Addressing Influence of Prefabricated Vertical Drains
in Liquefaction Resistance Under Multiple Shaking Events . . . . . . . . . . . . 203
Gowtham Padmanabhan and Ganesh Kumar Shanmugam

Effect of Stress Reversal in Cyclic Instability: A DEM Study . . . . . . . . . . 213
Rohini Kolapalli, Md. Mizanur Rahman, Md. Rajibul Karim,
and Hoang Bao Khoi Nguyen

Examination and Appraisal of Liquefaction Vulnerability Between
Idriss–Boulanger Method and Andrus–Stokoe Method . . . . . . . . . . . . . . . . 223
Manali Patel, Tejas Thaker, and Chandresh Solanki

Effect of Gradation and Stress Ratio on Liquefaction Response
of Ennore Sand . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 237
Homit Singh Pal, Majid Hussain, Aparna Shrivastava, and Ajanta Sachan



Contents xi

Pore Pressure Response of Natural Soils Under Various Testing
Conditions . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 251
Majid Hussain and Ajanta Sachan

Instability of Silty Sands Under Partially Drained Conditions . . . . . . . . . . 265
Sheetal Gujarati, Aparna Shrivastava, Majid Hussain, and Ajanta Sachan

Settlement of Saturated Sand Under Horizontal Excitation
on Vibration Table for Liquefaction Study . . . . . . . . . . . . . . . . . . . . . . . . . . . 277
Satyendra Mittal, Tshering Cheki, and Arpit Jain

Effect of Plasticity Index on Liquefaction Behavior of Silty Clay . . . . . . . 289
Sufyan Ghani and Sunita Kumari

Laboratory Investigation on Wave Characteristics Due to Hammer
Impact on Different Types of Soil . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 299
K. S. Beena, M. Neethu, and Veena Jayakrishnan

Experimental Estimation of Fabric in Granular Materials Using
Shear Wave Velocity Measurements . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 311
Mandeep Singh Basson, Jasmine Miller, and Alejandro Martinez

Shear Behavior and Strain Localization of Kutch Soil . . . . . . . . . . . . . . . . . 325
Tanaya Mukati, Rasikh Nazir, and Ajanta Sachan

Evaluation of Wave Propagation Parameters and Attenuation
Characteristics of Homogeneous Cohesionless Soil Media . . . . . . . . . . . . . 337
B. Vinoth and Ambarish Ghosh

Parametric Study on Dynamic Properties of Backfill Material
and Numerical Modeling of Reinforced Earth Wall for Outward
Flow Condition . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 353
Seema Kumari, Pankajkumar Yadav, and Arup Bhattacharjee

Experimental and Numerical Study of Shallow Foundation
Subjected to Vertical Dynamic Load . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 365
N. K. Das, P. Raychowdhury, and S. Ray-Chaudhuri

Settlement Analysis of Shallow Foundation on Frictional Soil
Under Combined Effect of Static and Cyclic Load . . . . . . . . . . . . . . . . . . . . 379
Suvendu Kumar Sasmal and Rabi Narayan Behera

Transient Response Prediction of Shallow Foundation Using ANFIS . . . . 389
Suvendu Kumar Sasmal and Rabi Narayan Behera

Seismic Bearing Capacity and Elastic Settlement of Footing
on Slopes . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 399
Sukanta Das and B. K. Maheshwari



xii Contents

Seismic Bearing Capacity of Shallow Foundations on Horizontal
and Sloping Grounds: A Comparative Study . . . . . . . . . . . . . . . . . . . . . . . . . 409
Arjun Gaur, Koushik Pandit, and Shantanu Sarkar

Seismic Response of Buildings Resting on Raft Foundation
with EPS Geofoam Buffer . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 417
M. V. Sreya, B. R. Jayalekshmi, and Katta Venkataramana



About the Editors

Prof. T. G. Sitharam is currently the Director of Indian Institute of Technology
Guwahati, India. He is also KSIIDC Chair Professor in the area of Energy and
Mechanical Sciences and Senior Professor at the Department of Civil Engineering,
Indian Institute of Science, Bengaluru (IISc). He was the founder Chairman of the
Center for Infrastructure, Sustainable Transport and Urban Planning (CiSTUP) at
IISc, and is presently the Chairman of the AICTE South Western Zonal Committee,
Regional office atBengaluru andPresident of the IndianSociety for EarthquakeTech-
nology (ISET). Prof Sitharam is the founder President of the International Associ-
ation for Coastal Reservoir Research (IACRR). He has been a Visiting Professor
at Yamaguchi University, Japan; University of Waterloo, Canada; University of
Dolhousie, Halifax, Canada; and ISM Dhanbad, Jharkhand, and was a Research
Scientist at the Center for Earth Sciences and Engineering, University of Texas at
Austin, Texas, USA until 1994.

Prof. S. V. Dinesh is currently working as Professor in the Department of Civil
Engineering at Siddaganga Institute of Technology (SIT), Tumkur. He completed
his postdoc research from Yamaguchi University, Japan under NPEE fellowship
from MHRD, Government of India. He is the recipient of Institution of Engineers
fellowship. He is life member of many professional Societies. His areas of interest in
research is in Geotechnical engineering, Geotechnical earthquake engineering and
Pavement geotechnics. He has guided 7 doctoral students and 60 M.Tech. thesis. He
hasmore than100publications in reputed journals and conferences.As ageotechnical
consultant, he has advised and acted as consultant covering a wide range of civil and
geotechnical structures for the past two decades.

xiii



xiv About the Editors

Prof. Ravi Jakka is working as Associate Professor in the Department of Earth-
quake Engineering, Indian Institute of Technology, Roorkee. He is also currently
serving as Secretary, Indian Society of Earthquake Technology (ISET). He has grad-
uated in Civil Engineering from Andhra University Engineering College in the year
2001. He has obtained masters and doctorate degrees from IIT Delhi in the years
2003 and 2007 respectively. His areas of interest are Dynamic Site Characteriza-
tion, Soil Liquefaction, Seismic Slope Stability of Dams, Landslides, Foundations
& Seismic Hazard Assessment. He has published over 100 articles in reputed inter-
national journals and conferences. He has supervised over 35 Masters Dissertations
and 6 Ph.D. thesis, while he is currently guiding 10 Ph.D. thesis. He has received
prestigious DAAD and National Doctoral fellowships. He has obtained University
Gold Medal from Andhra University. He also received ‘Young Geotechnical Engi-
neer Best PaperAward’ from IndianGeotechnical Society. Hewas instrumental in the
development of Earthquake Early Warning System for northern India, a prestigious
national project. He is also the Organizing Secretary to 7th International Conference
on Recent Advances in Geotechnical Earthquake Engineering.



Dynamic Soil Properties of Enzymatic
Cement-Stabilised Clay

Geethu Thomas and Kodi Rangaswamy

Abstract The usage of nontraditional additives in the field of ground improvement
of cohesive soils became imperative because some of them can lessen the delete-
rious effect on the environment. Enzymes extracted from natural sources are useful
in modifying the soil-strength and stiffness. Degradation of shear modulus and accu-
mulation of pore water pressure under dynamic soil conditions need to be considered
before constructing any structures with weak sub-strata, exceptionally soft clay. The
present study aims at improving the dynamic soil properties of soft clay by stabil-
ising with a bio-enzyme. A series of cyclic triaxial tests were conducted to analyse
the effect on various features like shear modulus, damping ratio, pore pressure ratio,
etc., with the various cyclic shear strains (%). The degradation of shear modulus
and accumulation of pore water pressure decrease with an increase in shear strain
amplitude in untreated clay soil samples. A similar but improved trend was observed
in the treated soils with the optimum bio-enzyme dosage and 1% cement. From the
results, it can be concluded that the enzymatic cement-stabilised clay responds to the
earthquake and other similar dynamic soil conditions than the natural soft clay. This
technique can be used in the field of geotechnical earthquake engineering, which can
reduce the ground amplification in soil-strata encountered with soft clay.

Keywords Dynamic soil properties · Soil stabilisation · Bio-enzyme

1 Introduction

Soil layer properties can significantly influence the ground response during seismic
motion. A soil layer can amplify or de-amplify the seismic wave depending on
the local site conditions. A prior seismic evaluation of a site is essential to reduce
the consequences during such situations [1]. The determination of dynamic soil
properties is a prerequisite for the evaluation of a site response during an earthquakeor
similar circumstances with dynamic loading conditions. Shearmodulus and damping

G. Thomas (B) · K. Rangaswamy
Department of Civil Engineering, National Institute of Technology, Calicut, India
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ratio are sensitive to strain, which varies with the depth and magnitude of ground
response. Stiffness and damping characteristics of soil are significant for all levels of
strain conditions such as low, intermediate and high strain levels. The loading rate,
number of loading cycles and volume change characteristics can also influence the
shear strengthof cyclically loaded soils at high strain levels [2]. Truthfully, the loading
rate has a minor effect on shear strength of soils, whereas higher loading cycles
can significantly reduce shear strength of the both cohesionless and cohesive soils.
Comparatively smaller specimens are prepared for the laboratory testswhich possibly
represent the in situ soil with a larger volume. The choice of a particular laboratory
test among the various other laboratory tests may be based on the suitability of that
test to resolve the current problem of interest. Cyclic triaxial tests (for large strain
cases 10–3 and higher) and resonant column tests (for low strain cases 10–6 ~ 10–5)
are commonly used laboratory tests for finding the dynamic properties of the soils.
Cyclic triaxial test results are reliable and helpful to understand the soil response
under dynamic loading conditions even if the testing conditions do not truly represent
the site conditions [3]. Vucetic and Dobry [5] compiled 16 publications around the
globe to prepare a design chart based on the factors affecting the dynamic response
of cohesive soils. Shear modulus degradation and damping ratio variation with cyclic
shear strain are prepared, which can be applied to the various soil conditions based
on the plasticity characteristics and over-consolidation ratio. The key factors that
influence the dynamic soil properties of a cohesive soil are confining pressure, void
ratio, geologic age, cementation, over-consolidation, plasticity index, cyclic strain,
strain rate (frequency of loading) and the number of cycles among which void ratio
is relevant in the case of cohesionless soils[4].

Soft clay due to its low bearing capacity and high compressibility makes the
construction complicated even under static loading.During an earthquake, the ground
moves randomly in all directions, and there is static as well as dynamic loading. The
pulsating stresses can consume the stiffness of the soils dramatically; it is termed as
stiffness degradation of soil. Relatively high plastic clays exhibit a significant rate of
stiffness degradation and low damping ratio compared to that of low plastic clays. An
amplified ground motion can be expected in high plastic clays which behave almost
linearly to the seismic motion [5].

Soft soil is improved for its properties during static loading and successfully
implemented in several field conditions. The soil stabilisation is changing the trend
of using traditional additives (cement, lime, fly ash, etc.) with partially or entirely
replaced by non-traditional additives like enzymes, nanoparticles or combination of
both traditional and non-traditional additives. Soil stabilised with cement and other
additives is found to be effective in improving the dynamic soil response under
earthquake loading conditions. The necessity of getting more knowledge about the
effect of soil stabilisation in dynamic soil properties is very demanding in the current
scenario of increasing urbanisation and lack of free spaces for the construction.

The present study is aimed at introducing a combination of an enzyme with the
organic origin and a small amount of cement for the improvement of soft clay. The
optimumdosagewhich givesmaximum strength is chosen for the cyclic triaxial tests.
The process of finding the optimum dosages and the mechanism behind the strength
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improvement is published in Thomas and Rangaswamy [6], which is briefly quoted
in the following sessions. The addition of cement causes strength improvement of
soil but to minimise the effect on the environment, its dosage is limited to 1% by
dry weight of soil in the present study. The advantages of using a bio-enzyme are
many; some are listed as follows: (1) non-toxic, (2) derived from natural materials,
(3) economical, (4) easy to use, (5) requires very less quantity to get the desired
strength improvement since the bacteria would not get disintegrated even after many
reactions and (6) eco-friendly.

2 Experimental Program

All tests for the present study were conducted in Geotechnical Engineering Labora-
tory, at NIT, Calicut. Soil samples were collected from a boring site at Ernakulam,
Kerala. The sample belongs to clay with high compressibility according to the A-
line chart given by Indian Standard Soil Classification System. The basic proper-
ties of the soil under consideration are listed in Table 1. The effect of stabilisation
under static loading condition is studied on soil samples prepared with 1% Port-
land Pozzolana cement (manufactured by Ramco Cements Pvt Ltd., India), and the
optimum dosage of Terrazyme (0.06 ml/kg of soil) was found out from a series of
unconfined compressive strength tests and Atterberg limit tests [6].

Table 1 Properties of soil collected from Ernakulam, Kerala

Properties Value

Specific gravity 2.50

Liquid limit 91%

Plasticity index 58

Clay 46%

Soil Classification (ISSCS) CH

Unconfined compressive strength 28 kPa

Table 2 Unconfined compressive strength of enzymatic soil–cement

Combinations Terrazyme dosage, ml/kg Unconfined compressive strength (kPa) in 28 days

VS 0 28.00

VS + C1 0 88.54

VS + C1 + TD1 0.04 113.01

VS + C1 + TD2 0.06 127.14

VS + C1 + TD3 0.08 118.98

VS + C1 + TD4 0.10 114.78
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Table 2 shows the details of the dosages added to the soil for the present study
for getting the optimum dosage of the bio-enzyme. The unconfined compressive
strength got increased with increase in Terrazyme dosage (denoted as TD), but after
dosage 2 (TD2) the strength started decreasing. This reduction happens due to the
slippage of soil particles in the presence of excess calcium silicate hydrate (C-S–H)
gel produced during the pozzolanic reaction. The plasticity index of the untreated
soil was around 58, which reduced to 16.5 due to the enzymatic cement treatment in
28 days of curing.

2.1 Cyclic Triaxial Testing Details

The preparation of the soil samples for the cyclic triaxial testing is already discussed
in the previous section. The samples are saturated up to Skempton’s pore pressure
parameter B around 0.97 by sequentially increasing the back pressure and confining
pressure. After the saturation process, the sample is allowed to consolidate under
corresponding effective confining pressure (150 kPa in this work) and then sheared
under cyclic loading. Table 3 shows the list of parameters considered in the present
study. Consolidated undrained (CU) cyclic triaxial tests in the strain-controlledmode
were conducted on untreated and treated (enzymatic soil–cement) soil.

Shear strain can be expressed as γ = (1 + υ) × ε.

where ε = axial strain and υ = Poisson’s ratio (taken as 0.5 as in incompressible
material, if the soil is below water table and saturated).

A hysteresis curve is plotted between the cyclic shear stress and cyclic shear strain
to determine the shear modulus and damping ratio of the desired cycle number. It
is observed that the shear modulus of the soil sample decreases with the increase
in the number of cycles of loading (Refer to Fig. 1). The closed loops of hysteresis
curves agree with the theory byHardin and Drnevich [7] since the over-consolidation
ratio (OCR) of the soil is 1. The reduction in shear modulus of the soil sample is
represented by the stepping down of the hysteresis loop in higher cycle numbers. Due
to the effect of stabilisation, the reduction in stiffness becomes slower as compared

Table 3 Details of cyclic
triaxial test for the present
study

Parameter Value/ details

Test mode Strain controlled

Effective confining pressure 150 kPa

Loading frequency 1 Hz

Cyclic shear strain 0.15, 1.125 and 2.7%

Additive dosage 1% cement + Terrazyme
(0.06 ml/kg)

Number of cycles 1, 10, 100

Curing period 28 days
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Fig. 1 A typical plot of degradation of shear modulus with the number of cycles

to the untreated soil. The larger area of the hysteresis loop indicates that the energy
dissipation is more. Energy dissipation is more at the initial number of cycles; this
is why the area of the loop becomes smaller as the number of cycles increases. The
increase in the stiffness of treated soil is observable from the changes in the hysteresis
curves.

3 Results and Discussion

3.1 Effect on Shear Modulus

The cyclic shear modulus of the untreated and treated soil increases with the decrease
in cyclic shear strain amplitude. The addition of bio-enzyme into the soil increased
the shear modulus of the soft clay (Refer to Fig. 2). Similar behaviour of shear
modulus was observed in cohesive soils by Subramaniam and Banerjee [8] when
cement is added. Figure 3 shows the variation of shear modulus with the number of
cycles before and after enzymatic treatment in soil–cement.

As previously mentioned, the untreated soil is high plastic clay with a plasticity
index of 58 and the treated soil modified to a plasticity index of 16.5. In Fig. 3,
the degradation rate with the number of loading cycles of untreated soil with high
plasticity index (PI) is slower than that of treated soil with lower PI. This change
shows well agreement with the statement published in the article by Vucetic and
Dobry [5], which is valid for normally consolidated clays. The influence of PI on
ground response has been studied byVucetic andDobry (1991). A response spectrum
of 35-m-deep clay deposit is presented in the same work which evidences that soils
with high PI showed a peak ground acceleration in the range of 0.45–0.65 g (at
structure time period T around 2 s), whereas the response spectrum of low plastic
clay never exceeds 0.15 g. A similar reduction in ground amplification during a
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Fig. 2 Variation of cyclic shear modulus with cyclic shear strain

Fig. 3 Shear modulus
variation with number of
cycles for untreated and
treated soil samples
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Fig. 4 Effect of stabilisation
on material damping ratio

seismic activity can be expected in the present study on the treated soils with lower
PI.

3.2 Effect on Damping Ratio

The effect of enzymatic cement treatment in soft soil based on the change in damping
ratio is displayed in Fig. 4. In the present study, the damping ratio is calculated
for the first cycle. Damping ratio increases with an increase in cyclic shear strain
applied to the soil sample. The damping ratio of the treated soil is more compared
to that of untreated soil. An increase in the area of the hysteresis loop is observed
in Fig. 1, which indicates the increase in energy absorption capacity of treated soil.
The increment in damping ratio represents the soil resistance towards the seismic
activity due to the addition of bio-enzyme in the cemented soil. The damping ratio of
stabilised soil increased 1.7 times (average) that of untreated soil. The stress dissipa-
tion and energy absorption are more in treated soil due to particle densification, pore
volume reduction and better bonding between the cemented particles. The improved
damping characteristics of treated soil can help the soil to reduce the expected ground
amplification in the soft clay deposit [5].

3.3 Effect on Pore Pressure Ratio

The pore pressure ratio (PPR) increases with the number of cycles and then reaches
a steady value; beyond that value, the pore pressure ratio remains almost constant
even when the number of cycles increases (Fig. 5). The number of loading cycles



8 G. Thomas and K. Rangaswamy

Fig. 5 Effect of stabilisation on PPR of soil

required for becoming the pore pressure ratio a constant value is lesser in lower strain
amplitudes [8]. The enzymatic stabilised soil exhibited comparatively lower pore
pressure ratio than that of untreated soil. The reduction in PPR of treated soil implies
that the enzymatic cement stabilisation is effective in reducing the pore volume of
soil matrix and thereby reducing the pore pressure build up in the saturated soil
during cyclic loading. The reduced value of pore pressure ratio shows that the soil
can respond well to the dynamic loading conditions due to the chemical and physical
changes happened in the soil structure because of the enzymatic cement inclusion.

4 Stabilising Mechanism of Enzymatic Cement—Soil

Terrazyme is an organic-fermented product which is a highly concentrated liquid-
based enzyme derived from vegetable extracts. In early days, it has used for agricul-
tural purposes since it can improve the cultivation and the plastic characteristics of
the soil. Terrazyme without the presence of cement/ lime might not be able to exhibit
a significant change in the soil properties even though it can slightly contribute to
the consistency limits as well as unconfined compressive strength [9]. The pres-
ence of optimum cement dosage accelerates the rate of bio-enzyme reaction, thereby
the strength and stiffness of the soil are improved. The adsorbed water layer is
surrounding the clay particles reform to a thinner layer because of the dissociation
of water molecules due to the addition of Terrazyme dosage [6]. The reduction of
free water trapped in between the particle interfaces occurs, which thereby brings the
clay flakes to come closer and exhibit better bond strength. Pore volume reduction,
reduced affinity to moisture, effective densification of the soil matrix and reduced
plasticity index are the main attractive benefits of using Terrazyme along with a
small quantity of cement. In the presence of ample moisture content, cement and
terrazyme react with clay mineral to produce calcium silicate hydrate (C-S–H) gel
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which is responsible for the strength improvement and better bonding between the
particles.

Bio-clogging and bio-cementation are the main two processes that happen inside
the enzymatic soil mixture [10]. In the presence of microbial action, pore spaces get
clogged by the resulting gel, which reduces the pore spaces between the clay flakes;
this is known as bio-clogging. Bio-cementation is the process of improving the bond
strength by the cementation action in the presence of bacteria. In the initial stage,
the rate of reaction is faster, which then comes to a uniform manner after some time.
The microbial action, along with the minute particle movement, occurs in the soil–
cement–enzyme matrix in which the particle from catalysis has high energy initially,
and it slows down once the energy declines.

5 Conclusions

This study examined the impact of stabilisation with optimum dosages of Terrazyme
in the presence of 1% of cement on dynamic soil properties of soft clay with the aid
of cyclic triaxial testing apparatus. The results of this study can be summarised as
follows:

• Energy dissipation is observed as more in the initial number of cycles; this is why
the loop area in the hysteresis curve becomes smaller as the cycle proceeds.

• The cyclic shear modulus of the untreated and treated soil increases with the
decrease in cyclic shear strain amplitude. The addition of bio-enzyme into the
soil increased the shear modulus of the soft clay.

• Untreated soil with high plasticity index behaves more linearly to the cyclic strain
response than treated soil with lower plasticity. A reduced rate of degradation of
shear modulus with the number of cycles is observed at a high plasticity index.

• Damping ratio increases with an increase in cyclic shear strain applied to the soil
sample.

• The increment in damping ratio represents the resistance towards the seismic
activity due to the addition of bio-enzyme in the cemented soil. The damping
ratio of stabilised soil increased 1.7 times (average) that of untreated soil.

• The stress dissipation and energy absorption aremore in treated soil due to particle
densification, pore volume reduction and better bonding between the cemented
particles.

• The pore pressure ratio increases with the number of cycles and then reaches a
steady value; beyond that value, the pore pressure ratio remains almost constant
even when the number of cycles increases. The enzymatic stabilised soil exhibited
comparatively lower pore pressure ratio than that of untreated soil. The reduction
in PPR of treated soil implies that the enzymatic cement stabilisation is effective
in reducing the pore volume of soil matrix and thereby reducing the pore pressure
build up in the saturated soil during cyclic loading.
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It can be summarised that the inclusion of enzymatic cement in the soft soil can be
successfully applied to the field cases where static and dynamic loading conditions
are expected. The enzymatic cement–soil can respond well to the static as well as
dynamic loading.
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Effect of Fines Content on Dynamic
Properties of Sand Using Bender Element

Sandip Shivaji Bhutale and R. S. Dalvi

Abstract Shear wave propagation in the soil is a physical phenomenon and has
been used widely for monitoring as well as for assessing the seismic property in
geotechnical engineering. Shear wave velocity (Vs) and small-strain shear modulus
(Gmax) are the key parameters in defining material response to various dynamic
loadings. Generally, sand is weak in dynamic loading and also contains few non-
plastic fines up to a certain extent. Thus, to have a better fundamental understanding
of the deformation behaviour of sand finesmixtures, a bender element tests have been
performed. From the bender element tests, it was concluded that Gmax is significantly
dependent on relative density which is a function of void ratio, fines content and
confining pressure. It was also observed that the value of shear wave velocity and
shear modulus depends upon saturation. Dry specimen comparatively gives a higher
values of shear wave velocity and shear modulus than a saturated specimen. It was
also observed that up to certain fines content, the maximum and minimum void ratio
decreased and after that, there was an increase in maximum and minimum void ratio.
Based on regression analysis technique a modified model for evaluation method of
small strain shear modulus (Gmax) of sand-fines mixture was proposed and verified
using equation proposed by Seed and Idriss (1970). Test results indicated that the
modified equation accounting for the influence of fines content can predict the Gmax

of sand-fines mixture satisfactorily. From the experimental results, it was concluded
that fines content plays an essential role in shear wave velocity and small strain shear
modulus.
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1 Introduction

The small strain shear modulus, Gmax (Gmax = ρV2
s , ρ: density of soil) and shear-

wave velocity (Vs), are the fundamental parameters of the soil dynamic, which plays
an important role in the soil deformation prediction, liquefaction evaluation, analysis
of the seismic response and other geotechnical problems. The soil properties which
are needed in the analysis and design of structure subjected to dynamic loading are
modulus of elasticity (E), small strain shear modulus (G), Poisson’s ratio (μ) and
dynamic elastic constants, such as coefficient of elastic uniform compression Cu,
coefficient of uniform shear Cτ, coefficient of elastic non-uniform compression Cφ

and coefficient of elastic non-uniform shear Cψ. The measurement of dynamic soil
properties is a critical task in the solution of geotechnical engineering problems.
A wide variety of field and laboratory techniques are available each with different
advantages and limitations with respect to different problems. Many are oriented
towardmeasurement of low-strain properties andmanyother toward propertiesmobi-
lized at larger strains. In the case of laboratory testing to calculate low strain soil
dynamic properties there is two commonly used method one is bender element test
and another one is a resonant column test. Out of these two, bender element tests are
simplest, easy to handle as compare to resonant column tests. Taking this advantage
for the present work bender element was used to determine the dynamic properties
of soil. Usually, natural sandy soil contains not only a sand particle but also the fines
content (FC) in the mixture can be represented in percentage by mass. It was found
that FC has significant effects on the mechanical response of the mixture of sand
and fines. Choo and Burns (2015) studied the effect of grain size and FC on the
sandy soil using bender element tests. It was found that the shear wave velocity (Vs)
decreased with the increase of FC at particular relative density and the shear wave
velocity of the sandy soil with various FC was almost same when the skeleton void
ratio was uniform. Tomeasure the shear wave velocity the experimental arrangement
and detail given by Melissa et al. [1]. According to Melissa et al. bender element
(BE) testing has appeared as one promising way to obtain shear modulus at small
strains. A voltage signal is applied to a piezoceramic element, which transmits a
small shearing movement over one end of the cylindrical soil specimen. This distur-
bance travels along with the specimen until the other end where a similar element
receives the mechanical perturbation and generates a voltage. The signal travels a
distance between elements (LTT) and the time difference between the emitted and
received signals represents the time of the propagation of the signal. These measure-
ments enable one to compute the shear wave velocity (VS) and the small strain shear
modulus (Gmax) of a specimen with a known soil mass density (ρ). The shear wave
velocity is measured by using Eqs. 1 and 2.

Vs = LTT(tt − tc) (1)

Gmax = (Vs)
2 (2)
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where, LTT = tip-to-tip distance between the bender elements [2] (Viggiani and
Atkinson 1995); tt = time difference between the initiation of the source wave and
the arrival of the shear wave; and tc = system calibration time obtained when LTT is
zero. Shear waves generated in soils during the BE tests induce very small strains,
less than 10–3%which is within the elastic zone for nearly all soils. Shear wave travel
time was calculated as the difference between the start of the transmitted signal and
the start of the first major positively polarized up rise minus the system calibration
time, tc. In many cases, the received wave displayed a slight negative dip before the
first major peak, representing near field effects, which generally occur when LTT is
less than twice the wavelength of the shear wave, and which were more pronounced
for shorter and softer specimens. Thus, receivedwaveswere interpreted by projecting
a horizontal reference line from the initial flat portion of the received wave and the
intersection of this line and the received wave was used as the arrival time as shown
in Fig. 1.

In present work bender element tests were performed on clean sand and sand with
FC. The effect of FC on dynamic properties of sand with different relative densities
and confining pressure was studied. Furthermore, the correlation between shear wave
velocity and small strain shear modulus with void ratio was established. The results
were verified with the help of Seed and Idriss (1970) equation.

Fig. 1 Estimation of time of elapse between transmitting and receiving wave on oscilloscope (Fam
et al. 1995)
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2 Testing of Specimens

In the laboratory experiment clean sand is used as base sand and quarry dust was
used as fines. The oven dried sand was separated through the IS sieve of 0.075 mm
size. The particle of the size larger than 0.075 mm was chosen as sand, whereas the
quarry dust which was pass through the IS sieve of 0.075 mm size was taken as fines.
The grain size distribution curves for sand and sand with different FC are shown in
Fig. 2.

Table 1 Shows the index properties of sand and fines of testing material, based on
index properties the material classified as poorly graded sand and inorganic silt.

Figure 3 shows the effect of FC on minimum and maximum void ratio. As the
FC increases from 0% to limiting fines content the maximum void ratio and the
minimum void ratio of sand goes on decreasing, after exceeding the limiting fines
content the value of both maximum and minimum void ratio of sand increases.

Fig. 2 Grain size distribution curves of the clean sand and different FC

Table 1 Index properties of sand and fines

Property Symbol Unit Sand Fine

Average particle size D50 mm 0.27 0.033

Effective particle size D10 mm 0.088 0.009

Uniformity coefficient Cu 4.4 4.7

Coefficient of curvature Cc 0.4 0.9

Specific gravity G 2.67 2.83

Maximum void ratio emax 0.70 1.60

Minimum void ratio emin 0.45 0.74

Classification SP ML
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Fig. 3 Maximum and minimum void ratio of the mixtures with different fines content

3 Sample Preparation and Tests

All specimens were prepared by the saturated tamping method [3] in conjunction
with the under-compaction technique. This method was chosen because it could
produce a very wide range of void ratio and has the advantage of controlling the
void ratio and quick saturation. Initially the quantity of water was taken which is
equal to 90% of water required for fully saturation of sample. The water required
for fully saturation was calculated from theoretical relationship between degree of
saturation(S), void ratio(e), water content (w) and specific gravity(G) which is given
as Se = Gw. After adding of water, the sample was thoroughly mixed and divided in
five equal parts. The sample was filled in five equal layers and tamping was done to
achieve required relative density. The specimen was saturated via the back-pressure
saturation method. The pore pressure coefficient B was measured after saturation.
The specimen was considered as saturated when Skempton’s parameter B was larger
than 0.95. The specimen was tested under isotropic condition at required confining
pressure.

4 Results and Discussion

The tests were conducted by means of the bender element with piezoceramic bender
elements installed at bottom and top of the triaxial cell. The set of equipment is
as shown in Fig. 4. The sine wave was generated by means of function generator.
The generated wave amplified and passed through soil sample which is placed in
triaxial cell with embedded bender element through transmitting sensor. This trans-
mitting wave passed through sample and it received at another end by means of
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 Triaxial cell with embedded bender element 

Oscilloscope 

 Function Generator 

 Amplifier 

Fig. 4 Existing bender element test set up in Geotechnical engineering laboratory, Civil Engg.
Department, College of Engineering Pune

receiving sensor. These transmitting and receiving wave were displays on oscil-
loscope. The time of elapse between transmitting and receiving wave are directly
measured on oscilloscopes. The frequency and amplitude were taken as 2 kHz and
20 V respectively. The small strain shear modulus was computed using the Eq. 3.

Gmax = ρV2
s (3)

Where, Gmax is small strain shear modulus , ρ is mass density in kg/m3 and Vs is
shear wave velocity in m/s which was calculated by using Eq. 2.

Vs = Tiptotipdistance(L)ofsample

Timeoftravel
(4)

The shear wave velocity was calculated using the difference between the
transmitting time and the first arrival time of S-wave.
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5 Effect of Fines Content on Shear Wave Velocity (Vs)
and Small Strain Shear Modulus (Gmax)

The shear wave velocity (Vs) and small strain shear modulus (Gmax) were evaluated
under the saturated condition for different relative density and confining pressure.
The Vs and Gmax obtained from the bender element test were plotted against fines
content with different confining pressure as shown in Figs. 5a, b, 6a, b and 7a, b.
From the graph, it is clear that the value of Vs and Gmax increase with an increase
in FC up to the value of limiting fines content (LFC). Then further increase in FC
results in the decrease the value of Vs and Gmax. This could be due to the limiting
FC of sand. At this stage the voids of the sand filled by the fines due to which soil
skeleton becomes stronger hence value of Vs and Gmax increases. Further addition
of fines in sand causes destruction in soil skeleton and fines start dominating instead

Fig. 5 Variation of a shear wave velocity. b Small strain shear modulus with fines content at RD
= 30%

Fig. 6 Variation of a shear wave velocity. b Small strain shear modulus with fines content at RD
= 45%
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Fig. 7 Variation of a shear wave velocity. b Small strain shear modulus with fines content at RD
= 60%

of sand which results in weakening of the soil skeleton and Vs and Gmax goes on
decreasing.

6 Effect of Confining Pressure and Relative Density on Vs
and Gmax

Figures 5a, 6a and 7a show effect of fines content on shear wave velocity and Figs. 5b,
6b and 7b demonstrate effect of fines content on small strain shear modulus for 30,
45 and 60% relative densities. It is observed that Vs and Gmax were higher for higher
relative density irrespective of confining pressure. As the value of relative density
increases the Vs and Gmax goes on increasing for given the confining pressure. As the
relative density increases the compactness of soil skeleton increases which results
in the increase of stiffness of soil skeleton, hence Vs and Gmax is higher for greater
relative density at given confining pressure.

7 Correlation of Vs and Gmax with Void Ratio

From the above discussion, it is clear that the value of Vs and Gmax depends on
confining pressure and void ratio. It means Vs and Gmax directly depends on void
ratio, hence there must be some correlation of Vs and Gmax with void ratio. In this
study, correlation of both the Vs and Gmax power function was preferred as it has the
least constant and simple for derivation. In the present study data obtain from the
performed test was used for regression analysis. As per test recorded data there are
twelve sample points hence the equation valid for this range of data. The obtained
power function is in the form of.
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F(x) = Ax−n (5)

Where, x is a representative of void ratio (e).
A and n are constant.
The trend of variation of regression analysis for present study as shown in Figs. 8

and 9. The value of these constant depends on confining pressure as ‘A’ and ‘n’
are the representative of confining pressure. These values are independent on the
value of void ratio. These equations are valid only when the value of the range of
0.45 ≤ e ≥ 0.63. This could be due to test data was limited to these range of soil
skeleton.

The correlation equations for Vs and Gmax and regression coefficient for different
confining pressure are shown in Table 2.

Fig. 8 Variation trend of shear wave velocity with the void ratio

Fig. 9 Variation trend of small strain shear modulus with the void ratio
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Table 2 The correlation equation and regression coefficient for different confining pressure

CP (kPa) CorrelationVs (m/s). Gmax (MPa) R2Vs. Gmax

100 Vs= 91.17e−1.24 Gmax = 15.35e−2.68 0.967 0.97

200 Vs= 95.92e−1.30 Gmax = 16.98e−2.80 0.96 0.96

400 Vs= 103.1e−1.34 Gmax = 17.62e−2.90 0.94 0.95

Fig.10 Variation of a shear wave velocity parameter ‘n’ b small strain shear modulus ‘n’ parameter
with confining pressure

8 Effect of Confining Pressure on Parameter a and N

The estimated values of constant parameter ‘n’ of Vs and Gmax are plotted against
confining pressure as shown in Fig. 10a, b. This graphical variation gives an idea
about the effect of confining pressure on the parameter ‘n’ for Vs and Gmax. From
Figs. 10a, b it is clear that the power parameter ‘n’ follows same trend in shear wave
velocity as well as small strain shear modulus. As the confining pressure increases
value of n increases at the same time regression coefficient goes on decreasing. From
this relation it is clear that the value of parameter ‘n’ only depends on the confining
pressure.

9 Validation of Results

Thevalues of shearmodulus evaluated fromexperimental resultswere comparedwith
the values calculated by using empirical formula given by Seed and Idriss (1970).

Gmax = 218.8K2(max)(σ0)
0.5 (6)

Where, K2(max) is constant depends on relative density of soil which is given in
Table.3 and σ0 is confining pressure in kPa.This relation depends on the value of
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Table.3 Comparison between analytical and experimental values at dry condition

Relative
Density

Confining
pressure
(kPa)

K2max Gmax (Analytical)
(MPa)

Gmax (Experimental)
(MPa)

Percentage of
variation (%)

30 100 34 74.40 62.36 16

200 34 105.21 90.68 13.81

400 34 148.79 133.71 10.13

relative density of soil and valid for clean sand at dry condition. The experimental,
analytical values and percentage variation were calculated and shown in of Table.3.
It is found that the analytical values are slightly greater than that of experimental
values under dry condition.

10 Conclusion

The bender element tests were conducted to measure shear wave velocity and small
strain shear modulus (Gmax)of the sand-fines mixtures. The key factors are studied,
including effect of fines content, confining pressure, relative density, void ratio and
saturation. A new correlation of shear wave velocity and shear modulus with void
ratio for sand fines mixture is obtained.

Based on the experimental work carried out in the present study, the following
conclusions are drawn.

• For sand fines mixture, the value of shear wave velocity (Vs) and small strain
shear modulus (Gmax) increases with increase in fines content up to the limiting
fines content. Further addition of fines results in decrease in the value of shear
wave velocity and small strain shear modulus.

• The correlation of shear wave velocity and small strain shear modulus with void
ratio is established.

• The value of shear wave velocity and small strain shear modulus of the mixtures
with various fines content increases with the increase of confining pressure.

• The shear wave velocity and small strain shear modulus of the sand fines mixtures
decreases as the void ratio increases for the given confining pressure.
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Dynamic Pore Pressure Responses
of Sand–Rubber Tire Shred Mixtures
from Cyclic Simple Shear and Cyclic
Triaxial Tests

B. R. Madhusudhan , A. Boominathan , and S. Banerjee

Abstract The cyclic simple shear tests best represent the in situ seismic stress
conditions. However, cyclic triaxial tests are more popularly used. Also, the sand–
rubber tire shredmixtures have recently gained research importance for their potential
and possibility to act as seismic base isolationmaterials of buildings. The past studies
could be foundwhich deal with the dynamic properties such as the shearmodulus and
damping ratio of the sand–rubber tire shred mixtures. However, from the perspective
of seismic isolation, it is necessary to study the pore pressure behavior of these
mixtures. In view of the above, in the present study, the strain-controlled cyclic
simple shear and cyclic triaxial tests are carried out on the weighed proportions of
rubber tire shreds mixed with sand. The measured pore pressure responses from
the both the cyclic tests are compared. It is found that the excess pore pressures
generated in the cyclic triaxial testing are significantly higher than those developed
during cyclic simple shear testing.
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Fig. 1 Materials used for testing a pure sand b pure rubber tire shreds

1 Introduction

The recent researches show that the sand–rubber tire shred mixtures have gained
research prominence due to their favorable properties for various geotechnical appli-
cations [1–9]. Among various applications, the suitability of the mixtures for the
seismic base isolation of low-rise buildings is a notable one. The past studies of
the authors [10–17] provide comprehensive laboratory studies enumerating various
geotechnical properties which indicate the suitability of sand–rubber tire shred
mixtures for seismic base isolation of low-rise buildings. However, the pore pressure
responses of these mixtures were not reported and hence demand attention.

The cyclic triaxial tests are most commonly used tests to determine the dynamic
response of soils. However, the cyclic simple shear tests are considered as the best
representative tests to simulate in situ seismic conditions on a laboratory specimen.

The present study deals with the sand–rubber tire shred mixture specimens
subjected to both cyclic triaxial and cyclic simple shear testing. This paper deals
with the comparison of the pore pressure responses of the mixtures during both the
types of testing.
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Table 1 Material properties

Item Gs D10 (mm) Cu Cc γ dmax (kN/m3) γ dmin (kN/m3)

Sand 2.68 0.22 3.18 0.80 17.6 15.3

Rubber tire shreds 1.14 0.35 3.57 1.12 5.2 2.8

2 Materials and Test Methodology

2.1 Materials

Uniformly graded river sand (Fig. 1a) used for construction of buildings is selected
for testing. The steel wires present in the rubber tires were completely removed and
further shredded in the shredding machine to obtain rubber shreds. These rubber
shreds were further sieved through sieve no. 10 to obtain particles of fine size (less
than 2 mm) (Fig. 1b). The properties of sand and rubber tire shreds are summarized
in Table 1.

3 Test Methodology and Program

The testing was carried out on pure sand (0%), pure rubber tire shreds (100%) and
sand–rubber tire shred mixtures with 10, 30, and 50% rubber content by weight. The
size of the specimen adoptedwas 70mmdiameter and 28mmheight for cyclic simple
shear testing and 50 mm diameter and 100 mm height for cyclic triaxial testing. The
specimenswere prepared dry deposition and tampingmethod byfilling the splitmold.
Each layer was given sufficient numbers of tamping to achieve a dense specimen. VJ
Tech, UK, make cyclic simple shear apparatus and Wykeham Farrance, UK, make
cyclic triaxial apparatus available at Soil Dynamics and Earthquake Engineering
Laboratory, IIT Madras, was used for testing. The cyclic simple shear apparatus is
shown in Fig. 2. The typical unreinforced specimens set up for cyclic simple shear
testing and cyclic triaxial testing are shown in Fig. 3a, b, respectively.

The specimens prepared were saturated till Skempton’s pore pressure coefficient
(B-Value) greater than 0.95 was achieved. Then, consolidation was done under an
effective confining pressure of 100 kPa. The strain-controlled cyclic triaxial and
cyclic simple shear tests were carried out on the prepared specimens at 0.1, 1.0 and
5.0 Hz frequencies at a confining pressure of 100 kPa. The specimens were subjected
to 50 numbers of loading cycles. It is to be noted that in cyclic triaxial tests, the cyclic
loading is applied in the vertical direction whereas it is horizontal cyclic shearing in
cyclic simple shear tests.
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Fig. 2 Cyclic simple shear apparatus

Fig. 3 Typical specimen setup for a cyclic simple shear test b cyclic triaxial test

4 Results and Discussion

In the present study, the pore pressure response is analyzed in terms of the pore
pressure ratio (ru). In the case of cyclic simple shear tests, the pore pressure ratio
is obtained from the measured excess pore water pressure normalized by the initial
total vertical stress, whereas in the case of cyclic triaxial tests, the pore pressure
ratio is obtained by normalizing the measured excess pore water pressure with the
initial effective confining stress. The pore pressure ratio as a function of the number
of loading cycles obtained from cyclic simple shear tests (CSS) and cyclic triaxial
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(CTX) tests carried out on sand–rubber tire shred mixtures at a frequency of 0.1 Hz
at a confining stress of 100 kPa are plotted in Fig. 4.

From Fig. 4, it can be observed that at 0.1 Hz frequency level, the cyclic triaxial
shear tests on sand–rubber tire shredmixtures result in positive excess pore pressures.
With increase in the rubber content, although reduction is observed in the developed
excess pore pressures, they remain positive throughout. On the contrary, the negative
excess pore pressures develop during cyclic simple shear tests irrespective of the
rubber content although some positive excess pore pressures develop initially for
lower rubber contents.
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Fig. 4 Variation of pore pressure ratio of the mixtures with the number of loading cycles from CSS
and CTX tests (0.1 Hz frequency,100 kPa confining stress) for rubber contents a 0% b 10% c 30%
d 50% e 100%
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Fig. 5 Variation of pore pressure ratio of the mixtures with the number of loading cycles from CSS
and CTX tests (1 Hz frequency, 0.15% shear strain, 100 kPa confining stress) for rubber contents
a 0% b 10% c 30% d 50% e 100%

The pore pressure ratio as a function of the number of loading cycles obtained
from cyclic simple shear tests and cyclic triaxial tests carried out on sand–rubber
tire shred mixtures at a frequency of 1 Hz at a confining stress of 100 kPa and at
various shear strain levels are plotted in Figs. 5, 6, 7 and 8. From the figures, it can be
observed that the cyclic triaxial tests on sand–rubber tire shred mixtures (which had
resulted in positive excess pore pressures at 0.1 Hz frequency) also exhibit positive
excess pore pressures at 1 Hz frequency level but at low shear strain levels. However,
this gradually changes, and the excess pore pressures become negative with increase
in shear strain at 1 Hz frequency.
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Fig. 6 Variation of pore pressure ratio of the mixtures with the number of loading cycles from
CSS and CTX tests (1 Hz frequency, 0.75% shear strain and 100 kPa confining stress) for rubber
contents a 0% b 10% c 50%

In the case of cyclic simple shear tests on sand–rubber tire shred mixtures (the
negative excess pore pressures had been observed at 0.1Hz frequency), the developed
excess pore pressure becomes less negative and similarly is also observed to become
slightly positive particularly for lower rubber contents.

The variation of pore pressure ratio as a function of the number of loading cycles
obtained from cyclic simple shear tests and cyclic triaxial tests carried out on sand–
rubber tire shred mixtures at a frequency of 5 Hz at a confining stress of 100 kPa are
plotted in Fig. 9. From Fig. 9, it can be observed that at 0.1 Hz frequency level, the
cyclic triaxial tests on sand–rubber tire shred mixtures result in negative excess pore
pressures.

On the contrary, the positive excess pore pressures develop during cyclic simple
shear tests irrespective of the rubber content although reduction of the positive excess
pore pressures is observed with the increase in the rubber content. The observed
excess pore pressure responses of sand–rubber tire shred mixtures from both cyclic
simple shear and cyclic triaxial tests at 5 Hz frequency are opposite to the observed
excess pore pressure response at 0.1 Hz frequency level.

The differences in the pore pressure responses observed during the cyclic simple
shear tests and the cyclic triaxial tests could be attributed to the differences in nature
of loading. In the case of cyclic triaxial tests, the cyclic loading is in the vertical
direction, whereas the direction of cyclic loading is horizontal during cyclic simple
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Fig. 7 Variation of pore pressure ratio of the mixtures with the number of loading cycles from CSS
and CTX tests (1 Hz frequency, 1.5% shear strain and 100 kPa confining stress) for rubber contents
a 0% b 10% c 30% d 50% e 100%

shear tests. Significant differences in the dynamic shear modulus from both the types
of cyclic tests were also found in the past study [14]. The reason was reported to
be the difference in the sizes of the specimen used despite the testing conditions
remaining the same. Although the shape of the specimen is cylindrical in both the
cyclic tests, the oblong nature of the cyclic triaxial specimen supplemented with the
direction of loading results in differences in modulus determined.

In the present study, since the measured pore pressures obtained are different in
both the types of cyclic tests, similar afore-mentioned reasons could be postulated.
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Fig. 8 Variation of pore pressure ratio of the mixtures with the number of loading cycles from CSS
and CTX tests (1 Hz frequency, 3% shear strain and 100 kPa confining stress) for rubber contents
a 0% b 10% c 30% d 100%

However, further studies are necessary in this direction on different types of soils
under different conditions to explore and reason the observed behavior.

5 Conclusions

In the present study, the strain-controlled cyclic simple shear tests and cyclic triaxial
tests are carried out on gravimetric mixtures of sand and rubber tire shreds. The pore
pressure responses of the mixtures are measured and analyzed in terms of the pore
pressure ratio. The following are the conclusions drawn from the present study.

The frequency of cyclic loading has a significant influence on the developed excess
pore pressures. At lower frequency levels (0.1 Hz), the positive pore pressures are
observed from cyclic triaxial tests, whereas negative pore pressures developwhen the
mixtures are subjected to cyclic simple shear loading. This gradually changes with
increase in frequency level. This observation flips at the higher frequency loading
(5 Hz) where the negative pore pressures are recorded during cyclic triaxial tests
whereas positive pore pressures are observed during cyclic simple shear tests.
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Fig. 9 Variation of pore pressure ratio of the mixtures with the number of loading cycles from CSS
and CTX tests (5 Hz frequency, 100 kPa confining stress) for rubber contents a 0% b 10% c 30%
d 50% e 100%

Lower shear strain levels during cyclic loading result in lower values of pore
pressures and vice versa.

The effect of rubber content is to reduce the developed pore pressures during
cyclic loading. Hence, this characteristic of the sand–rubber tire shred mixtures is
favorable for their application as seismic base isolation of buildings.

The differences in the pore pressure responses observed during the cyclic simple
shear tests and the cyclic triaxial tests could be attributed to the difference in the
loading direction and also to the specimen sizes. Further studies on other types of
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soils are necessary to determine the reasons for the differences observed in the present
study.
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Calibration Exercise of Fixed-Free
Resonant Column Apparatus

Ninad Sanjeev Shinde and Jyant Kumar

Abstract In this paper, the conventional calibration exercise for resonant column
apparatus has been re-examined and some recommendations were provided to
improve the accuracy of the test results. During the testing, specimen is assumed
to be fixed at bottom and dynamic torsional vibrations are applied at the top using
drive system consisting of four magnets. Due to complicated geometry of the drive
system, its mass polar moment of inertia (Jd) is found to be difficult to estimate. So,
calibration exercise is performed to determine Jd. In this present study, calibration
rods of aluminum of known stiffness were used. The diameter of each aluminum
rod was varied from 8 to 15 mm and keeping the constant height of 100 mm. The
study revealed that the mass polar moment of inertia of the resonant column system
is frequency dependent. Also, the solid cylindrical sand specimens were tested using
resonant column tests and bender elements tests with varying confining pressure and
relative density.

Keywords Resonant column · Dynamic properties · Shear modulus

1 Introduction

It appears that first resonant column tests were introduced to the rock testing during
1930 by Japanese engineers and later around early 1970 it became widely popular to
the dynamic testing of the soils [1–5]. The resonant column tests are primarily used
to calculate small strain dynamic properties of soils such as modulus and damping.
Conventionally, the resonant column testswere conducted on the solid cylindrical and
hollowcylindrical specimens of length to diameter ratio of≈2.Typically, the resonant
column apparatus is used in the fixed-free configuration. In which the specimen
is subjected to torsional vibrations in the fixed free configuration, where base of
the specimen is assumed to be fixed and top is subjected to torsional vibrations.
Considering these boundary conditions and using the one-dimensional theory of
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wave propagation, the shear wave velocity can be computed by following expression
[6],

Js
Jd + J0

= ωn L

Vs
tan

ωn L

Vs
(1)

where (i) L is the height of the specimen, (ii) J0 and Js refer to themass polar moment
of inertia of the top cap and cylindrical specimen about its longitudinal axis, respec-
tively, (iii) Jd is the mass polar moment of inertia of the drive mechanism, and (iv)
ωn indicates the circular frequency at resonance corresponding to the fundamental
mode. Accordingly, by relating Vs and the mass density (ρ) of soil specimen, the
shear modulus (G) is determined by using the following expression:

G = ρV 2
s (2)

A calibration exercise has to be conducted as per ASTM D4015 [7] using metal
calibration bars of known stiffness to determine the magnitude of Jd. It is assumed
that during the loading, only the specimen vibrates, and all other parts of the apparatus
are presumed to be rigid and rigidly connected. But in practice, while testing very
stiff specimen, the apparatus is found to be vibrating along with the specimen. This
causes the Jd to shoot up abruptly and consequently, lowering the Vs substantially
up to 32.2%, which is found to be inaccurate by testing the metal specimen of known
stiffness [8, 9]. Hardin et al. [10] reported that at very high f n > 170 Hz, the coupling
between specimen and end platens no longer remains rigid, thus the magnitudes of
both G and damping ratios (D) were found to be erroneous. Drnevich [3] advised to
find out upper limit of the resonant column apparatus prior to the testing, to avoid
inaccurate output.

Thus, accurate estimation of Jd is vital for determining stiffness of the given
specimen. This paper gives crucial insights into the conventional calibration exercise
for resonant column apparatus and provides some necessary recommendations to
improve the accuracy of results using the resonant column apparatus.

2 Basic Features of Resonant Column Apparatus

The resonant column apparatus used in the present study is supplied by GDS Instru-
ments, Hampshire, UK. A schematic illustration of resonant column system is
presented in the Fig. 1 consisting of different parts of the system. The specimen
is assumed to be fixed at bottom and subjected to torsional vibrations at the top
of the specimen using the drive mechanism. The drive mechanism consists of four
magnets and a pair of coils surrounding each magnet. The torsional vibrations of
varying magnitude are applied by changing the input voltage. The current flowing to
the coils generates an electromagnetic force in each coil in the same direction, so that
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Fig. 1 A schematic of resonant column apparatus and its components

torque is applied at the top of the specimen. A bandwidth of frequency is selected
corresponding to each input voltage and the amplitude of the vibrations is recorded
for each frequency. A frequency, for which amplitude recorded to be maximum, is
termed as the resonant frequency. An accelerometer is attached at the top of the spec-
imen to measure the vibrations. The strain magnitude, recorded using piezoelectric
transducer, corresponding to the peak amplitude is calculated using the expression
given by Kumar and Shinde [11] having same boundary conditions and transducer
gain value. The strain range obtained in the present study is in the range of 0.0001%
to 0.01%. The triaxial cell has a capacity of 1 MPa.

3 Calibration Exercise and Validation

In Eq. (1), the estimation of magnitude of the Js and J0 is straightforward due to
their simple geometry. On the other hand, the magnitude of Jd is difficult to estimate
because of its complex geometry. ASTM-D4015 [7] have suggested to conduct cali-
bration exercise using metal specimen of known stiffness. So, in order to estimate Jd,
the calibration exercise was conducted using metal specimen of aluminum and mild
steel. The height of each specimen was kept constant at 100 mm and the diameters of
aluminum specimen were 8, 10, 12, and 15 mm, whereas the diameters of the mild
steel specimen were 8, 10, and 12 mm. Four additional circular weights of 125 g
were placed at the top of the specimen, to obtain range of resonant frequency for
the same stiffness of the metal specimen. Figure 2 shows the calibration bars and
additional circular weights.

At first, resonant frequency was obtained for the given input voltage and corre-
sponding peak amplitude is recorded. For aluminumspecimens, the resonant frequen-
cies were found to be varying from 26.2 to 89.8 Hz. For mild steel specimens, the
resonant frequencies were found to be varying from 44.2 to 101.5 Hz. The circular
resonant frequency (ωn) can be related to torsional stiffness (KT ) and Js by using the
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Fig. 2 Calibration bars of aluminum of varying diameters and four additional circular weights

following equation [12]:

ωn =
√

KT

J0 + Jd + Js
3

(3)

It can be noted from the above expression that the resonant frequency is found to
be increasing with the increase in diameter of the bar. By plotting Jas = Js/3 + J0
against 1/ωn

2, the negative intercept on the Jas axis provides the value of Jd for each
bar. Figure 3 indicates the variation of Jas against 1/ωn

2.
Generally, the average of Jd for all the bar is used in the calculations for V s as

per Eq. (1). For same stiffness of the bars and same drive system the Jd has to be the
same as per theory. Figure 4 shows the plot between Jd against resonant frequency
(f n), which clearly indicates that the magnitudes of Jd for different diameter of the
calibration bars is increasingwith the increase in the diameter of the bar (i.e., increase
in the resonant frequency).

From Fig. 4, it was found that Jd is frequency dependent, this may be because of
imperfect fixity of the base of the specimen. So, to calculate Jd corresponding to the
different resonant frequencies, the third-order polynomial equation best fitted for the
present calibration bar data is given below

Jd = 1 × 10−9 f 3n + 2 × 10−7 f 2n + 6 × 10−6 fn + 0.0036 (4)

where f n is the resonant frequency in Hz.
A set of resonant column experiments on the soil specimen were conducted to

examine the proposed formulae and its effects on the values of corresponding shear
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Fig. 3 Variation of Jas
against 1/ωn

2 for aluminum
specimen of varying
diameter

Fig. 4 Variation of Jd with resonant frequency
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modulus. Calibration bars covered wide range of frequencies as mentioned above.
Cauvery sand was used in the present study. The testing program and material
specifications for this sand are presented in Table 1.

The solid cylindrical specimens of sand were prepared by using dry-pluviation
technique. The specimen dimensions were 50 mm diameter and 100 mm height.
The specimens were subjected to isotropic confining pressures of 100, 300, 500, and
700 kPa. The relative density of the specimen used in the present study was 80%.
The resonant frequencies obtained from the torsion tests were used to determine
shear modulus using Eq. (2) and the corresponding shear strain levels were also
determined. The average value of the Jd is used for the calculations. In the present
study, the average value of Jd was found to be 0.003574 kg-m2 [7]. The variation of
the shear modulus against the shear strain is plotted in Fig. 5.

Table 1 Material properties and testing program for sand

Basic properties sand Testing program

Relative density(%) Confining pressure(kPa)

Specific gravity (Gs) = 2.67 79.5–81.2% 100, 300, 500, 700

Degree of roundness = Angular

Coefficient of uniformity (Cu) = 3.16

Coefficient of curvature (Cc) = 0.66

ρdmax(kg/m3) = 1358.9 kg/m3

ρdmin(kg/m3) = 1698.7 kg/m3

D10 = 0.21

D30 = 0.31

D60 = 0.68

Fig. 5 Variation of shear modulus vs shear strain for Jd as a constant and Jd as a frequency
dependent
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Fig. 6 Comparison of shear
modulus calculated from
resonant column and bender
elements

It can be noted that as the confining pressure increases the specimen stiffness
increases and the consequence, the resonant frequency, and corresponding shear
modulus were found to be increased. As the resonant frequencies increased beyond
85 Hz, the apparatus limitations such as base fixity and basic assumption of only
specimen is vibrating, were observed to be violated in the study carried out by
Kumar and Shinde [11]. Because of this, the authors have reported that the shearwave
velocity is found to be decreasing as stiffer specimen is used. Similar observations
were made in the study conducted by Kumar and Clayton [8]. Using Eq. (4), shear
modulus is calculated considering Jd as frequency dependent. It can be seen from
Fig. 5 that the shear modulus values are found to be on higher side and this effect is
more as the confining pressure increases (i.e., for stiff specimen).

Bender element tests were also conducted on the same specimen. As the strain
levels in bender element tests are found to be on lower side as compared to resonant
column tests, the shear modulus from bender elements is usually on the higher side.
The values of shear modulus obtained by considering Jd as frequency dependent and
the shear modulus calculated using bender element tests were compared in Fig. 6.
The values were found to be consistent with the bender element tests and validate
the reliability of calibration exercise.

4 Conclusion

It is recommended that calibrations exercise should be performed if the apparatus is
used for long time. For testing specimen of higher stiffness or specimens of resonant
frequencies greater than 85 Hz, it is recommended that apparatus limits should be
established. It can be noted that accurate estimation of mass polar moment of inertia
(Jd) is crucial in determining shear modulus of the specimen. The Jd is found to be
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frequency dependent. Hence, it is recommended that the Jd should be first determined
over the range of frequencies for which soil or rock specimen to be tested. Then using
the best fit curve, the Jd should be estimated for each resonant frequency and should
be used to determine shear modulus of given specimen. The shear modulus values
calculated from this exercise are found to be on higher side for stiffer specimens.
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Investigation of Dynamic Response
of Rubber Tire Chips for Geotechnical
Applications

Adyasha Swayamsiddha Amanta and Satyanarayana Murty Dasaka

Abstract With increasing vehicular traffic on the roads, the production of rubber is
steeply increased over the years. Consequently, more and more scrapped rubber tires
are discarded every year, and most of them are ended up in municipal landfills. As a
remedy to this, researchers are trying to use thesewastes in better ways, such as filling
material in earthen embankments, rather than letting them get dumped in landfills.
This study aims to investigate the effect of dynamic loads on the performance of
rubber tire chips, a scrap tire derivative, in its saturated state. For the study, a series
of strain-controlled cyclic triaxial tests were performed. The parameters like cyclic
strain amplitude (0.075, 0.1125, 0.15, 0.1875, 0.225, 0.2625, and 0.3%) and confining
pressure (50, 75, and 100 kPa) were selected as variables. The rubber tire chips with
average dimension of 12 mm x 20 mm were considered for the study. The dynamic
properties obtained are compared with that of the Indian standard sand. The number
of loading cycles for initiation of liquefaction is used to compare the liquefaction
potential of the rubber tire chips with that of the standard sand. The cyclic tests
showed that the tire chips do not liquefy for large number of loading cycles. The tire
chips showed very high damping ratios in comparison with sand but are considerably
low in their shear modulus.

Keywords Tire chips · Cyclic triaxial apparatus · Dynamic response

1 Introduction

The liquefaction phenomenon is known long back, but it drew attention after the
devastating 1964 Alaska and Niigata earthquakes [20]. After 1964, many studies had
been reported to counteract liquefaction. The methods, like densification, solidifica-
tion, deep mixing, desaturation, drainage, chemical grouting, etc., are proposed to
counteract liquefaction. Liquefaction is a phenomenon generally seen in the loose
saturated granular soils. This is a state where the soil loses all its shear strength and
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starts behaving like a viscous liquid. Due to the loss of strength, the liquefied soil
can no longer support any structure standing on it. The effect of liquefaction is very
fatal in the constructed facilities. Liquefaction was reported to claim many lives and
properties in the past. Damages due to this can be reduced by increasing the shear
strength and stiffness of the soil. In element tests under undrained conditions, when
the excess pore water pressure generated becomes almost equal to the initial effective
stress, a soil is said to be liquefied. Generally, in cyclic triaxial test, the liquefaction
potential of any material is measured in terms of number of loading cycles to reach
initial liquefaction, i.e., the loading cycle at which the excess pore pressure ratio
value becomes unity.

With the increasing loads on the roads in the form of heavy traffic, the loads on
landfills are also increasing in the form of scrap tires. They are vulnerable to fire in
the landfills. In a day-to-day life, a huge number of scrap tires are discarded in the
landfills daily, hence, many researchers are trying to give a better destiny to these
tires rather than dumping them in the landfills. ASTM D6270 (2008) specifies three
different categories of the scrap tire types used for the application of civil engineering
works. They are tire crumbs (length less than 10 mm), tire chips (length in between
10 and 50 mm), and tire shreds (the length is greater than 50 mm). Use of scrap tire
derivatives has been reported for different civil engineering applications, such as, in
highway embankments [6], lightweight backfill materials [2, 7, 12, 14, 16, 18], soil
reinforcement [1, 9, 11], drainage material [8, 15], for ground improvement [13],
vibration reduction [10, 11, 17, 19], to name a few.

This paper focuses on the dynamic response of scrap tire chips. The study of the
dynamic behavior was carried out using cyclic triaxial apparatus, and it is compared
to that of the Indian standard sand (Grade II).

2 Materials, Experimental Program, and Methodology

2.1 Material Used

Scrap tire chips used in this study are cut from the scrap tires. The tire chips used
are 20 mm long with 12 × 12 mm cross section in average. Figure 1 shows the
scrap tire chips used. The tire chips have a specific gravity of 1.136, which fits fine
with the average value of 1.01–1.27 specified in ASTM D6270 [5]. The maximum
and minimum dry unit weights of the tire chips were found to be 5.32kN/m3 and
5.17kN/m3, respectively.

As discussed in the previous section, Indian standard sand, Grade II, was used in
the study. It is poorly graded sand, with a mean diameter of 0.57 mm and specific
gravity of 2.62. The maximum and minimum dry unit weights of the sand are 17.04
and 14.18 kN/m3, respectively.
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Fig. 1 Tire chips used in the
study

2.2 Experimental Program and Methodology

A computer-controlled cyclic triaxial apparatus was used to perform the undrained
cyclic triaxial tests on fully saturated scrap tire chips and sand samples. The program
consisted of a number of strain-controlled undrained tests considering confining pres-
sure and strain amplitudes as variables. The tests were carried out at three different
confining pressures of 50, 75, and 100 kPa. The strain amplitudes considered in the
study were 0.075, 0.1125, 0.15, 0.1875, 0.225, 0.2625, and 0.3%. The desired strain
amplitudes were applied in the form of sinusoidal waves at a frequency of 1 Hz on
both saturated tire chips and sands samples, individually.

For the study, sample of 100 mm diameter and 200 mm height was tested. Both
the sand and the tire chips samples were prepared with a relative density of 60%.
The dynamic response of the samples was studied as per the ASTM D5311 [4]
and ASTM D3999 [3]. The dry samples were prepared by dry pluviation method
and were mounted on the pedestal using vacuum method. Then the samples were
saturated by back pressure method maintaining an effective confining pressure of
15–20 kPa till the B value exceeds 0.95. The saturation stage was then followed
by the consolidation stage. After consolidation, the samples were subjected to the
sinusoidal cyclic loading. The data acquisition system connected to the apparatus
was capable of continuous monitoring and logging of the data during the tests.

3 Results and Discussion

The typical results of cyclic triaxial tests are shown in Figs. 2 and 3 for scrap tire
chips and sands, respectively. The figures show results of the experiments conducted
at 0.15% strain amplitude, 50 kPa confining pressure, and 1 Hz frequency. These
figures present response of deviatoric stress, excess pore pressure, strain amplitude,
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Fig. 2 Typical cyclic triaxial test results of tire chips

Fig. 3 Typical cyclic triaxial test results of sand
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and mean effective stresses with the number of loading cycles. It can be clearly seen
that both the materials behave in similar way to the external loads.

The deviatoric stress and the mean effective stress showed a decrease with the
increasing number of loading cycles. This behavior is very clear in case of fully
saturated sand, whereas in the tire chips as the stiffness degradation is not very fast,
this behavior is not very remarkable. The magnitude of maximum deviatoric stress
was 10.58 kPa for the initial cycle and was 10.29 kPa at the end of 1500 cycles
for the saturated tire chips sample, whereas the initial maximum deviatoric stress
of fully saturated sand sample was much higher, i.e., 98 kPa for the initial cycle
and it degraded to almost zero in just 70 cycles, under similar conditions. In the
same way, the magnitude of maximum mean effective stress decreased from 52.57
to 50.17 kPa in 1500 cycles for rubber tire chips, whereas for sand sample the value
decreased from a value of 87 kPa to about zero in just 70 cycles. It can be said that
the degradation of stiffness is much faster in case of sand as compared to tire chips.

The liquefaction potential of a sample is defined in terms of excess pore pressure
ratio (Ru), i.e., the ratio of the excess pore pressure generated to the initial effective
stress in the sample.When thisRu value reaches one, the sample is said to be liquefied.
The number of loading cycles at which this Ru value reaches one is taken as the
measure of the liquefaction potential of a sample, i.e., the more is the number of
cycles the more is the resistance toward liquefaction. Figures 2b and 3b present the
variation of excess pore pressure ratio with the number of loading cycles for tire chips
and sand, respectively. It can be seen that the excess pore pressure ratio increases
with the increasing loading cycles. The Ru hardly reached a value of around 0.048
even after 1500 number of loading cycles for samples tire chips, whereas the sand
sample liquefied in 70 loading cycles.

The liquefaction response of the tire chips for all the different combinations of
confining pressures and strain amplitudes is presented in Fig. 4. The saturated tire
chips were subjected to 1500 number of loading cycles in all the cases. Even after
1500 number of loading cycles none of the cases was observed to be liquefied.
Even with the highest strain amplitude and minimum confining pressure Ru reached
only a value of 0.09. This indicates that the tire chips show high resistance towards
liquefaction.

3.1 Dynamic Properties

The dynamic properties of the materials were calculated from the hysteresis loop
obtained from the test, i.e., the deviatoric stress versus strain graph. Figures 5 and
6 present the variation of shear modulus and damping ratio of both materials at the
third cycle of the hysteresis loop. The plot also shows the effect of the confining
pressure and strain amplitudes on these dynamic properties.

Figure 5 clearly shows that the shear modulus, that represents the stiffness of the
soil, highly depends on the confining pressure and the strain amplitude applied. The
stiffness of the soil is high for higher confining pressure, whereas it shows a lower
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Fig. 4 Excess pore pressure ratio with shear strain (TC-tire chips)

value at higher strain amplitudes. Similar behavior is observed for both the materials
considered.

The shear modulus of sand is found to be very high in comparison with that
of tire chips. The maximum value of the shear modulus, under the different cases
considered in the study, was 8 kPa for minimum strain amplitude, i.e., 0.075% and
highest confining pressure, i.e., 100 kPa. Under similar conditions, the shearmodulus
for sand was around 56 kPa, which is 7 times that of tire chips. The minimum
value of shear modulus for sand, under the different conditions considered, was
7 kPa for highest strain amplitude and lowest confining pressure considered. The
corresponding shear modulus for tire chips was about 3 kPa.

Similarly, Fig. 6 indicates the dependence of damping ratio on the confining
pressure and strain amplitude. The damping ratio value showed a decrease with
increasing confining pressure, whereas it increases with the strain amplitude.

The damping ratio of sand is found to be very low in comparison with that of tire
chips. The maximum value of the damping ratio found, among the different cases
considered for the study, was 0.6, for maximum strain amplitude, i.e., 0.3% and
minimum confining pressure, i.e., 50 kPa. Under similar conditions, the damping
ratio for sand was around 0.26 which is even less than half of that of tire chips. The
minimum value of damping ratio for sand, under the different conditions considered,
was 0.23 for lowest strain amplitude and highest confining pressure considered. The
corresponding damping ratio for tire chips was about 0.12.
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Fig. 5 Variation of shear modulus with shear strain (S-sand and TC-tire chips)

From the above discussions, it can be concluded that the tire chips are very good
at the damping but have a very low shear modulus, whereas the sand exhibits lower
damping ratio and high shear modulus.

In view of higher damping, tire chips are better than sand, and in terms of shear
modulus, sand is better than tire chips. However, as discussed in the earlier section,
bulk utilization of tire derived materials reduces burden on the environment, and
further studies in this direction are warranted to understand the behavior of tire
chips-sand mixtures as a practical solution to liquefaction mitigation.

4 Conclusions

This study investigated the dynamic properties of the rubber tire chips and also
compared the properties with that of the Indian standard sand (Grade II). The cyclic
triaxial apparatus was employed for the testing. Strain-controlled cyclic triaxial tests
were carried out considering strain amplitudes and confining pressure as variables.
Important conclusions drawn from the study are as follows:
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Fig. 6 Variation of damping ratio with shear strain (S-sand and TC-tire chips)

• The tire chips have very high damping ratio but very low shear modulus in
comparison with that of the sand.

• Tire chips are very resistant towards liquefaction and even after 1500 number of
loading cycles the material samples made of tire chips did not liquefy.

• For both the materials, the trend of observed behavior is almost identical. The
deviatoric stress and mean effective stress decreased and the pore water pressure
increased with the increasing loading cycles.
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Implications of On-Sample LVDTs
in Cyclic Triaxial Test to Measure
Small-Strain Shear Modulus

Shiv Shankar Kumar, A. Murali Krishna, and Arindam Dey

Abstract To evaluate the importance of small-strain shear modulus in geotech-
nical engineering applications, different techniques such as bender element, reso-
nant column apparatus and on-sample LVDTs are being used by the researchers.
This paper presents the results obtained from resonant column tests, bender element
tests and on-sample LVDT for sandy soil, to emphasise the significance of on-sample
LVDT for the measurements of small-strain properties, in contrast to the resonant
column and bender element tests. Results indicated that the on-sample LVDT is
successful and useful for the evaluation of dynamic soil properties at small strain.

Keywords Small strain · Cyclic triaxial test · On-sample LVDT · Shear modulus
degradation curve

1 Introduction

The small-strain shear modulus (i.e. maximum shear modulus, Gmax) of the soil is
an important dynamic parameter for many geotechnical engineering applications,
including seismic soil structure interaction and ground response analysis. The very
small-strain stiffness, associated with shear strains (γ )≤ 1 × 10–6, is a fundamental
property of all types of geotechnical materials including clays, silts, sands, gravels
and rocks, subjected to static and dynamic loading at drained or undrained loading
conditions. In this strain range, soils exhibitmostly elastic and recoverable behaviour.
Therefore, in the recent years several techniques involving the application of bender
elements, resonant column apparatus and on-sample transducers are developed to
determine Gmax.
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The importance of the measurements of small strains and corresponding Gmax,
using resonant column tests and its use in earthquake geotechnical engineering, is
already discussed by several researchers [1, 2, 3, 4]. It was reported that the value
of Gmax depends on the several parameters such as void ratio, confining stress, soil
structure, degree of saturation, temperature and stress history. Researchers have also
used on-sample linear variable differential transducers (LVDTs) and various other
instrumentations during triaxial testing to measure local small strains and corre-
sponding Gmax. Based on the literature survey reported by Kumar et al. [5], it can
be stated that the both resonant column tests and on-sample transducers provide the
dynamic soil properties over a wide strain range, i.e. from 0.0001–0.1% and 3 ×
10–3-10%, respectively. Both resonant column tests and on-sample transducers can
effectively measure the small strain in the order of 10–4% and 3 × 10–3%, respec-
tively. However, very few studies (e.g. Gookin et al. [6]) provided the comprehensive
analysis to measure the small strains using on-sample LVDTs in contrast to the reso-
nant column tests. This paper presents the combined results obtained from resonant
column tests, bender element and on-sample transducers for same soil, to emphasise
the importance of on-sample transducers for the measurements of small strains and
the corresponding properties.

2 Experimental Investigation

Brahmaputra sand (BS) obtained fromGuwahati region (Assam, India) is used for the
study. Particle size of BS (Fig. 1) was determined by conducting dry sieve analysis

Fig. 1 Particle size distribution of Brahmaputra sand
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Table 1 Physical properties of collected Brahmaputra sand (BS)

Unit weight (kN/m3) Specific gravity D10
(mm)

Cu Cc

γmax γmin

16.84 13.85 2.7 0.13 1.47 1.09

and the same was classified as poorly graded sand (SP). As per the criterion provided
by Tsuchida [7], the soil belongs to the category of severely liquefiable soils. Table 1
lists the index properties of the soil such as minimum and maximum dry unit weight,
specific gravity, coefficient of curvature (Cc) and uniformity coefficient (Cu).

An automated pneumatic-controlled cyclic triaxial apparatus, also facilitating
monotonic tests, was used for the experimental investigations, as shown in Fig. 2. It
consists of a 100 kNcapacity loading framefittedwith an actuator (±15mmdisplace-
ment range) operating over a frequency range of 0.01–10 Hz, a triaxial cell having
(2000 kPa capacity), and an air compressor having a maximum capacity of 800 kPa.
Duringmonotonic compression shear, the shearingwas donewith upwardmovement
of base pedestal, while actuator remained immobile. The instrumentations available
with the apparatus are: linear variable differential transducers (LVDT) of measuring
displacement 30 mm; one submersible load cell of capacity 25 kN; three pressure
transducers of 1000 kPa capacity to measure cell pressure, back pressure and pore
water pressure; and one volume changemeasuring device. The testing is controlled by
a compact dynamic controller (CDC) unit, which conveys the instructions provided
by software and record the data by data logger.

Dry pluviation technique was adopted to prepare the cylindrical specimens of BS
of 70 mm diameter and 140 mm height. A nominal vacuum pressure of 15–20 kPa

Fig. 2 Layout of cyclic triaxial test set-up
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was used to maintain the verticality of the specimen (as per Ishihara et al. [8]). In
order to achieve a quick saturation, carbon dioxide was flushed through the specimen
for 10–15 min, with a pressure lesser than the applied cell pressure (CP), followed by
flushingwith de-airedwater. To attain the saturation, CP and back pressure (BP)were
then gradually increased in stages, while maintaining an almost constant differential
pressure of 10 kPa, and checking the pore pressure parameter (B) after each CP
increment. At a BP of 200 kPa, the B-value was obtained to be greater than 0.96 and
then saturation process was terminated. The test specimens were consolidated to the
targeted effective stress levels before the application of monotonic loading.

The local axial strain developed in the specimen during the triaxial test specimen
was measured using two linear variable displacement transducers (LVDTs), oriented
vertically at the middle of the specimen as shown in Fig. 3. Each transducer was
fixed on the specimens with two mounting blocks, which displaces relative to one
another as the specimendeforms. Themounting blockwasfixed on the soil specimens
with rubber band of the same stiffness as of membrane. The displacement recorded
by transducers, required to calculate the local axial strain, uses the initial distance
between mounting blocks, i.e. the gauge length, rather than the initial specimen
length.

Fig. 3 Schematic diagram of the use of on-sample LVDTs
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3 Results and Discussions

3.1 Results Based on Resonant Column Tests

To evaluate its dynamic properties at low strain levels, Dammala et al. [4] carried
out the resonant column tests on dry Brahmaputra sand (BS) specimens at different
relative densities (Dr) and confining pressures (σ c) ranging from 30 to 70% and
50 to 600 kPa, respectively. The data shown by shaded region in Fig. 4 present the
variations inG/Gmax over the shear strain range 0.0001–0.1%. The dynamic property
obtained at this complete test strain range may not be suitably used for partially or
fully saturated soils; owing to the increase in pore water pressures (PWP) beyond
a shear strain (γ ) of 0.01% that significantly affects the volumetric changes and
strength degradation. This limiting value of shear strain (γ = 0.01%) is reported
as a volumetric threshold shear strain (γ tv) below which no significant pore water
pressure is generated in the saturated cohesionless specimen [9, 10]. For clean dry
sand, the values of γ tv were found to be in the range of 0.02–0.03% (Silver and Seed
1971). Therefore, as the tests were done on dry sands, the use of Dammala et al. [4]
data for shear strain range from 0.01–0.1% may not be judicious for the saturated
sandy soil, as it does not cater the PWP increase that would occur in the saturated
conditions. However, the consideration of dynamic properties of soil up to γ tv (i.e.
γ = 0.01%) will not violate the assumption that the dynamic properties of dry and
saturated cohesionless soil up to 0.01% are nearly same. Recently, Maheshwari and
Kirar [11] have conducted resonant column tests on sandy soil specimens, collected
from different depths during standard penetration tests, and having water content
(wc) ranging from 6 to 30%. Jafarian et al. (2018) also conducted resonant column
tests on saturated sand for the estimation of strain-dependent dynamic properties.
Both the above data are presented in Fig. 4. Based on the results, it can be stated that
water content present in the specimen significantly (more than 50%) affects the low
strain dynamic properties. The obtained tests data are then compared with proposed
range of the variation of G/Gmax for sands by Seed and Idriss [1], and the same is
highlighted in Fig. 4. It can be clearly observed that, in comparison with the Seed
and Idriss [1] model, Dammala et al. [4] overestimate the modulus degradation (as it
was for dry sands), whereas Maheshwari and Kirar [11] show good agreement with
the Seed and Idriss [1] model (both tests are for saturated sands), thereby reinforcing
the dependency of dynamic properties on water content.

3.2 Results Based on On-Sample LVDTs

Thepresent study includes the outcomes of cyclic triaxial tests conducted on saturated
BS to evaluate the dynamic properties of saturated BS over a wide strain range based
on locally mobilised shear strains. To measure the local strains, on-sample LVDTs
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Fig. 5 Modulus reduction curve based on on-sample LVDTs in cyclic triaxial tests

were used on the BS specimens. Guided by the technical specification of the on-
sample LVDT, the instrument is capable pf measuring low as well as high strains.
Figure 5 represents the modulus reduction curve (represented by strain-dependent
G/Gmax) based on the on-sample LVDT measurements.

The maximum shear modulus (Gmax), estimated from the on-sample LVDT
measurements, was used to normaliseG (i.e. the secant modulus obtained from local
strain measurements) (Kumar et al. 2018). The application of on-sample LVDT at
the mid-height of the sample aids in the measurement of local strains, which remains
nearly unaffected by the boundary conditions imposed by the top and bottom caps of
the triaxial cell. Hence, this measurement is more realistic than the global informa-
tion obtained from a conventionally placed LVDT outside the sample. Based on the
results beyond a shear strain of 0.01%, it can be stated apart from obtaining the shear
modulus at low strains (less than 0.01%), the on-sample LVDTs can be effectively
used even to obtain the same at high strain range (greater than 0.01%). Thus, these
findings highlight the importance of the use of on-sample LVDT for themeasurement
of local strains which can be used to obtain the dynamic response of cohesionless
soil over a wide range of strain (10–4–4%, as shown in Fig. 5).

3.3 Results Based on Bender Element Tests

Maheshwari and Kirar [11] have used bender element (BE) in triaxial test to eval-
uate the maximum shear modulus (Gmax) of fine sandy soil, which had a similar
particle size gradation as that of BS. Figure 6 depicts the G/Gmax value reported by
Maheshwari and Kirar [11] using BE tests. For shear strain greater than 0.03%, it is
seen that G/Gmax values (where Gmax evaluated using BE) obtained by Maheshwari
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Fig. 6 Combined plots of modulus reduction based on resonant column tests, bender element tests
and on-sample LVDTs along with Seed and Idriss [1] proposed curve

and Kirar [11] show good agreement with the G/Gmax values (where Gmax evaluated
using on-sample LVDT) obtained in the present study. Therefore, the inclusion of
BE test data (see Fig. 6) also reflects the significance of using on-sample LVDT for
the measurement of Gmax.

3.4 Combined Results from Resonant Column Tests
and On-Sample LVDTs

Figure 6 presents the combined results obtained from resonant column tests, bender
element tests and triaxial tests using on-sample LVDTs. It can be seen that G/Gmax

obtained, for strain range less than 0.01%, from all the instruments are in close
agreement from each other, which reinforces the effective usage of the on-sample
LVDT for measuring small strains. On-sample LVDTs are found equally capable to
measure the high strain properties, for strain range greater than 0.03%. Therefore, it
can be stated that the on-sample transducers, with its capability of measuring local
strains, can be efficiently used to evaluate the small-strain dynamic properties of
a soil specimen, as well as its high strain range properties through cyclic triaxial
testing.



Implications of On-Sample LVDTs in Cyclic Triaxial … 61

4 Final Remarks and Conclusions

The following are the final remarks and conclusions from the present study:Resonant
column tests and bender element tests provide only the low strain dynamic soil prop-
erties, whereas the application of on-sample LVDT in triaxial test aids in determining
both low-strain and high-strain dynamic soil properties a single test specimen. Since
the conventional tests require multiple specimens for testing various ranges of strain,
it is difficult tomaintain the uniformity of such soil specimens. The application of on-
sample LVDT aids in overcoming this difficulty.Low strain dynamic properties are
significantly affected by water content (wc) present in the soil specimens.The results
obtained from the resonant column tests, bender element tests and on-sample LVDT
in triaxial test, indicated that the on-sample LVDT is equally capable to measure the
dynamic properties of soils for small strain.
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Use of Biosensors for Assessing Soil
Stabilization with MICP—A Review

M. S. Varnitha, Bharathi Ganesh, Sureka Naagesh, B. V. Manjunatha,
and H. N. Ramesh

Abstract Soil stabilization is a process of mixing of the parent soil with other soil,
cement, lime, bituminous products, and silicates to improve shear strength and swell
shrink behavior of the native soil. Bio-enzymes used for chemical soil stabiliza-
tion are chemical, organic, and liquid concentrated substances. Microbially induced
calcium carbonate precipitation (MICP) consists of producing calcium carbonate by
hydrolyzing urea carried out by several microorganisms. Naturally, the deposition of
CaCO3 in the void spaces leads to clogging of voids in the material. Hence, MICP
treatment is becoming more popular, safe, and sustainable method in the field of soil
stabilization and also for rehabilitation of historical monuments, ancient masonry,
and concrete structures. Hence, monitoring the biological process is essential as
it strongly depends on environmental conditions and dosages of both bacteria and
food present. A urease quantification using magnetic biosensor is an emerging effi-
cient tool for this purpose. This review presents the effectiveness of the microbially
induced calciumprecipitation (MICP) as a stabilizationmethod. Literature on labora-
tory studies on plant-derived urease induced carbonate precipitation is scanty. There
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is a scope for more exploratory works at laboratory scale to assess the effectiveness
of the carbonate precipitation via plant-derived urease for industrial/field applica-
tions. The major challenges in this area for field applications include assessment of
subsurface soil condition and their interaction with the available fluids and minerals,
groundwater flow and available minerals Therefore, it is necessary to investigate the
durability and reversibility of the carbonate precipitation process under economical
point of view.

Keywords MICP—microbially induced calcium precipitation · Urease · Soil
stabilization · Biosensors for quantification

1 Introduction

With the rapid change in the global urbanization and industrialization, there is an
unpredicted growth in the population and intense development in developing coun-
tries like India. Urbanization in India is neither unique nor exclusive but is similar
to a worldwide phenomenon [1]. The population dynamics is changing fast with
55% of the world’s population lives in urban areas, a proportion that is expected to
increase to 68% by 2050; future increases in the size of the world’s urban popu-
lation are expected to be highly concentrated in just a few countries. The future
expected increase in urban population dynamics results in huge demand for housing
and infrastructure projects and also commuting facilities, requiring enormous area
of land for construction, irrespective of its suitability. Hence, it is required to use the
land available for construction activities enhancing the engineering properties of the
soil.

Some area where soil is of not expected quality needs to be stabilized prior to
the construction activities. Researchers have found remedial methods to improve
the engineering properties of soil. For stabilization of soil chemical or mechanical
methods is themost effective technique to alter the engineering properties and bearing
capacity of the soil [2, 3] to meet required specifications. Other common methods
are controlled compaction, proportioning, and/or the addition of suitable admixture
or stabilizers. It is a well-known fact that engineering properties of the soil can be
enhanced by physical, chemical, biological, or combined methods. Stabilization can
improve the shear strength and expansion or contraction behavior of the native soil
and making it suitable for the purpose of construction of clay liners, soil subgrade,
etc.

Some of the waste products from cultivations and industries are utilized for soil
stabilization. On the one hand, there is a large requirement of land to cater to the
increased population, and on the other hand, there is a huge generation of wastes from
many industries, including construction industry [1]. Due to shortage of naturally
available materials, there is a need for such a waste material which is not hazardous
to environmental, enhances the sustainability of construction, in terms of availability,
quality, and economy [4]. Handling the requirement of huge quantity of construction
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materials and managing/disposing of the waste generated from construction is the
key for successful urban planning without depending on depleting natural resources.
There comes the major role for handling waste generated for useful applications [5].

Synthetic chemical stabilizers available are hazardous to environment due to the
higher costs and CO2 emission released during the cement production. Due to these
drawbacks, new stabilizers such as bio-enzymes have emerged as an innovative tech-
nique. Bio-enzymes are chemical, organic, and liquid concentrated substances which
are used to improve the stability of soil sub-base of pavement applications.Anorganic
catalystwhich speeds up the chemical reaction is called the bio-enzyme [6].Anumber
of such enzymes were used for improving the strength and durability characteristics
of soil. Recent development of bio-enzymes is emerging as an effective measure
which is safe and effective [6]. Such a chemical reaction is slow and enzymes are not
the part of the end product. Hence, bio-enzymes are widely used for soil stabilization.

Bio-enzymes are integral parts of microbial geo-technology, a branch of geotech-
nical engineering that deals with the application of microbiological methods to
improve the physical properties of soil to make it suitable for construction activ-
ities addressing the need of environmental factors. Microbial geo-technology is
further explored which gives rise to two applications, namely bio-clogging [2] and
bio-stabilization. Bio-clogging is a process of production of pore-filling materials
through microbial means which reduces the porosity and hydraulic conductivity of
soil whereas bio-stabilization is the process of in situ production of binding materials
through microbial processes which increases shear strength of soil [5].

Microbially induced calcium carbonate precipitate (MICP) is a process of
producing calcium carbonate by hydrolyzing urea, with the help of several microor-
ganisms. Treatment of cracks in stones, concrete constructions, producing water
proofing paints, and cementation of soils is few applications of MICP [7].

Cases showing good results ofMICP treatment are increasing, particularly in case
of rehabilitation of historical monuments and mortar/concrete structures. However,
monitoring the biological process is essential to assess the effectiveness of the process
as MICP strongly depends on environmental conditions and dosages of both bacteria
and food present. Adequate tools are necessary for monitoring the progress of MICP
in field applications [8]. A urease quantificationmagnetic biosensor is themost recent
emerging sensor, used as an efficient tool for this purpose.

The present paper brings-in the traditional and non-traditional materials for
soil stabilization, mechanism of soil stabilization, enzymes and types avail-
able, bio-enzymes, bacteria, cultivation of MICP, types of bacteria, principle
and working of bio-sensors, essential features of bio-sensors for assessing soil
stabilization/engineering properties of soil, followed by rational conclusions.
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2 Materials and Methodology

2.1 Cement

The soil stabilized with cement is known as soil cement. Chemical reaction between
cement and soil leads to cementation of the particles. Cement stabilization is more
suitable for coarse grained soils. Generally ordinary portland cement is used for
stabilization. High early-strength cement can also be used which is more effective
while it is required to speed up the construction. The amount of cement required for
this purpose varies from 5 to 15% by weight of the soil. The amount of cement added
depends on the fineness of the soil also. These percentages of cement required for
stabilization are found out by performing compressive strength and durability tests.
It has been observed that more strength and stability is developed if the fine-grained
soil are compacted in wet condition with optimum water content and the coarse
grained soil on the dry side of the optimum water content. Lime, calcium chloride,
and fly ash are also added as additives [9].

2.2 Lime

Lime is an effective material in treating plastic clayey soils and can be used alone
or in the combination with cement, bitumen, or fly ash. Addition of lime to the
soil reduces plasticity index in highly plastic soil. Generally, there is an increase in
optimum water content and decrease in maximum dry density when lime is used
showing increase in strength and durability of soil. Generally, 2 to 8% of lime is
required for coarse grained soil and 5 to 10% for plastic soils whereas amount of
admixtures like fly ash may vary from 8 to 20% of the soil by weight [10].

2.2.1 Non-traditional stabilizers

Non-traditional additives are classified into seven groups: ionic, enzymes, lignosul-
fonates, salts, petroleum resins, polymers, and tree resins [9, 11, 12].

Ionic stabilizers. Ionic stabilizers have gained popularity because of their require-
ment in small quantities for effective stabilization. Ionic stabilizers change the
concentration of electrolyte in the pore fluidwhich results in cation exchange, leading
to flocculation of the clay minerals. The process is of adsorption of ions, ionic reac-
tions with soil constituents and ion exchange alter the molecular structure of the
soil [6]. These reactions reduce the surface charge of the soil particles, resulting in
loss of double-layer water and allowing for close packing or even flocculation of the
soil particles as illustrated with pictorial representation (Fig. 1). Ionic stabilizers are
suitable only for fine-grained soils, silts, and clays.
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Fig. 1 Stabilization mechanisms [7]

Enzymes. Enzymes only facilitates the reaction and will not be consumed during
the reaction [6]. Mobility of an enzyme is essential for it to reach a reaction site.
Enzymes are catalysts used in small dosages and enzymes are actively present in the
soil until the reaction is complete. Enzymes are also soil specific, they are suitable
for the clay materials particularly high-plasticity clays with some organic content
which have an affinity for water [6]. Best examples are silts and granular soils which
cannot be stabilized with enzyme products.

Polymer stabilizers. The polymer stabilizer bonds with soil particles physically
which gives rise to the emulsion. When water evaporates from emulsion it leaves
a soil–polymer matrix. Physical properties and capacity of polymer to coat the soil
particles decide the improvement in the strength of soil. Polymer emulsions are suit-
able for granular materials. Due to reduced mixing efficiency polymer emulsions are
less suitable for fine-grained soils. They have excellent tensile and flexural strength
[9, 13].

2.3 Different Types of Bio-enzymes

Renolith. The usage of Renolith improves the strength of soil during cement stabi-
lization process and provides sufficient flexibility of standard cement stabilized pave-
ments. A specific dosage of water is added while using the Renolith during mixing.
It is an in-situ process and is applicable to a wide range of soil from fine sands to high
plasticity clays. The stabilization carried out with a bio-enzyme mixed with soil or
cement and water, an exothermic chemical reaction takes place which helps provide
a densified layer of soil–polymer mixer [7].
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Perma-Zyme. Perma-zyme acts as a catalyst during enzymatic reaction duringwhich
the active reaction sites are formed due to large molecular structures. These active
reaction sites assist molecular bonding and interaction. It increases compaction and
optimizes the natural properties of soil [14].

Terra Zyme. An organic compound Terra Zyme is a natural catalyst. It is extracted
from vegetables and can be effectively used in soil to improve the strength, perfor-
mance, higher resistance toward deformation and load bearing capacity of soils [15].
It is diluted with water of specified dosage before the application. These are suitable
for fine-grained soils (e.g., clay) [16].

3 Calcium Carbonate Precipitates

Urease enzymes from the microbes when hydrolyzed produce calcium carbonate
precipitate called microbially induced calcium carbonate precipitate (MICP). Urea,
obtained frommammals and decomposition of uric acid excreted by birds, is used as
fertilizers [2, 15]. As urea content increases in soil it gives rise to contamination and
produce harmful algae. One mole of ammonia and carbonic acid is produced by a
spontaneous hydrolysis process during the microbial urease activity when one mole
of urea gets converted to one mole of ammonia and one mole of carbonate, which is
expressed in chemical equations as follows[2].

CO (NH2)2 + H2O → NH2COOH + NH3CO (NH2)2

+ H2O → NH2COOH + NH3 (1)

NH2COOH + H2O → NH3 + H2CO3NH2COOH + H2O → NH3 + H2CO3

(2)

This product equilibrates in water to form bicarbonate, produce one mole of
ammonia and hydroxide which results in pH increase.

NH2COOH + H2O → NH3 + H2CO3NH2COOH + H2O → NH3 + H2CO3

(3)

NH3 + H2O → OH−− + NH+
4 NH3 + H2O → OH−− + NH+

4 (4)

Ca+2 + CO2−
3 → CaCO3Ca

+2 + CO2−
3 → CaCO3 (5)

Carbonic acid increasesCO2 conversionwhich in turn increases carbonate produc-
tion. Bicarbonate and ammonium ion are accumulated in cell due to hydrolysis
of urea. The process of bicarbonate production is pH dependent which occurs
under alkaline conditions. An alkaline environment in which calcium and calcium
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carbonates are present abundantly facilitates CaCO3 precipitation outside the cell.
The above calcium carbonate precipitation can occur in three different ways: by
microorganisms, by plant, or/and by sewage sludge.

3.1 Microorganisms

Microbially induced calcium carbonate precipitates can be produced by the following
three types of microorganisms: (i) photosynthetic microorganisms; (ii) sulfate
reducing bacteria; (iii) microorganisms involved in nitrogen cycle [2, 9, 17].

Bacteria. The bio-mineralization is a process of formation of cementation ofminerals
carried out by the bacterium, an organism present in nature as natural calcium source
which produce calcium carbonate precipitate. This metabolic process carried out
by bacteria, (e.g., urea hydrolysis, denitrification, sulfate reduction, Iron reduction)
produces carbonic anhydrase enzymes, which have the ability to produce calcium
carbonate precipitates. The majority of research is focused on urease-producing
microorganisms. Non-ureolytic bacteria are helpful in MICP production in mixed
culture, as they provide the nucleation site for calciumcarbonate precipitation [2, 18].

Microalgae. Microalgae can be utilized as a reaction site for MICP. There will be an
increase in pH value, when microalgae consume CO2 producing calcium carbonate
as carbonates [2, 4, 19].

The quantification of the enzyme is reflected by the quantity of calcium carbonate
that precipitates and also it ensures the continuity of bio-cementation process. The
operation of sensor is based on a competitive-binding affinity (Fig. 2). Urease is
firstly immobilized over the magnetic sensor. In parallel, antibodies are labeled with
nanoparticles. These antibodies will either recognize or bind to the urease present
in the sample or will bind to the immobilized urease over the sensor. The antibodies
that bound to the immobilized urease stand over the sensor after washing and the
magnetic beads will create a fringe field further detected by the sensor when applying
an external magnetic field. Quantification of urease present in the sample is inversely
proportional to the signal obtained from the sensor: Maximum signal is found when

Fig. 2 Schematic of a
typical urea biosensor [20]
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there is no urease in the solution and vice versa, i.e., lack of signal indicates the
maximum quantity of urease in the sample.

4 Biosensors

An analytical device that combines biological materials (e.g.,—enzymes, nucleic
acids (DNA and RNA), microorganisms, whole cells, antibodies, cell receptors,
or biologically derived materials) in contact with a physico-chemical transducer
as analyzer is known as bio-sensor [21]. The bio-sensors may be electrochemical,
thermometric, optical, piezoelectric, or magnetic based on the type of signals it
analyzes in which transducer converts bio-chemical signal into a quantifiable signal
of required/respective type [4].

Enzymatic biosensors utilize the bio-specificity of an enzymatic reaction. The
bio-sensing element of a urea biosensor is urease which is most commonly used.
Enzymatic urea biosensors utilize biochemical reactions. In other words, analyte
(urea) and enzyme (urease) result in a product (ammonium ion) that can be detected
and quantified using a (amperometric/potentiometric/optical thermal/piezoelectric)
transducer [4, 20].

5 Conclusion

This review presents the use of microbially induced calcium carbonate precipitation
as an effective ecofriendly solution for soil stabilization. In conclusion, diversified
application of creolizes-driven MICP for a wide variety of engineered treatments
includingmodification of constructionmaterials, cementing porousmedia, hydraulic
control, and remediating environmental contaminants is presented. The assessment
of subsurface soil condition including soil type, pH, mineralogy and their interaction
with the available fluids and minerals, groundwater flow and available minerals and
most favorable conditions for application of MICP are the major challenges in this
method of using MICP for soil stabilization. This problem can be eliminated using a
properly designed bio-sensor whichmay help in predicting the specification for some
of the variable parameters of soil for effective utilization of MICP for improvement
in engineering properties of soil. The potential use of bio-minerals has brought a new
revolution in various engineering field applications creating lot of scope to explore
more in this field to make the process more environmentally safe, cost effective, and
to develop as a convenient technology from laboratory to field scales.

Other areas needed to be explored are economic feasibility and reduction in
unwanted by-products like ammonia production during hydrolysis of urea, use of
biosensor for assessment of durability, longevity and reversibility of the carbonate
precipitation process, economy associated with this process.
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Laboratory experiments should be carried out in abundance to determine the effec-
tiveness of the carbonate precipitation via plant-derived urease for industrial/field
applications.
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Geotechnical Properties of Lunar Soil
Simulantions

T. Prabu , I. Venugopal, and K. Muthukkumaran

Abstract Understanding the behavior of lunar regolith is important for designing the
in-situ test equipment and building structures on the moon for the futuristic moon
colonization. The Apollo missions brought back a small quantity of lunar soil to
earth to assess the geotechnical properties of the lunar soil. However, it is essential to
develop a lunar soil simulant (LSS) that is inexpensive and produced in large quanti-
ties to fulfill the extended research on lunar regolith. This paper presents the physical
properties like specific gravity, particle size distribution, relative densities, etc., of a
newly developed lunar soil simulant (LSS) for Chandrayaan missions. The triaxial
test was conducted on the LSS at different confining pressures to discuss the influence
of confining pressure on the stress–strain behavior of the LSS. The cyclic triaxial
test was performed to find the dynamic properties like shear modulus, damping ratio,
bulk modulus, and Poisson’s ratio of the LSS. The results were compared with the
lunar soil Apollo 16 and simulants like GRC-3 and JSC-1A. The results evidence
that the new LSS has similar properties of the lunar soil and can be used for future
extended research about the lunar regolith.

Keywords Lunar soil simulant · Cyclic triaxial ·Moonquake

1 Introduction

The establishment of base operations on the moon leads to the preparation and
implementation of further exploration of the solar system. The surface mobility,
scientific instrument, and communities also must address the lunar materials as well.
The various engineering and material science studies that are necessary for these
endeavors will mostly address the lunar regolith. There is an obvious and important

T. Prabu (B) · K. Muthukkumaran
Department of Civil Engineering, National Institute of Technology, Tiruchirapalli, Tamil Nadu,
India
e-mail: tp.civilnitt@gmail.com

I. Venugopal
C&MG LEOS, U R Rao Satellite Centre, Indian Space Research Organization, Bangalore, India

© The Author(s), under exclusive license to Springer Nature Singapore Pte Ltd. 2021
T. G. Sitharam et al. (eds.), Soil Dynamics, Lecture Notes in Civil Engineering 119,
https://doi.org/10.1007/978-981-33-4001-5_8

73

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-33-4001-5_8&domain=pdf
http://orcid.org/0000-0003-0559-5683
http://orcid.org/0000-0002-7664-7068
mailto:tp.civilnitt@gmail.com
https://doi.org/10.1007/978-981-33-4001-5_8


74 T. Prabu et al.

need for simulants of the lunar regolith/soil with which these investigations can
proceed. Many factors must be considered in making lunar simulants for various
ISRU projects. Also, the complete characterization of lunar soil simulant (LSS) is
very much important for lunar mission projects and enables the prediction of actual
wheel-soil interactions hence, for the optimal design of the automobile industry as
well. Also, it is necessary to find the dynamic properties of the LSS to understand
the behavior of the LSS under the moonquake. This paper explains the geotechnical
properties of the newly developed lunar soil simulant, which is compared with the
Apollo-16 lunar soil and other lunar stimulants like GRC-3 [18], JSC-1 [26], and
NAO-1 [22], etc. The cyclic triaxial test was performed to simulate the moonquake
conditions and to find the dynamic properties like shear modulus, bulk modulus,
damping ratio, and Poisson’s ratio of the LSS.

2 Sample Preparation

Most of the lunar regolith/soil contains a lot of glass produced by a micromete-
orite, and the rocks are made up of feldspar and anorthosite minerals. Such similar
anorthosite rock belts were identified at Sittampundi (Fig. 1), Salem, Tamilnadu.

Fig. 1 Location map of the Sittampundi Anorthosite Complex (Google image)
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Table 1 Comparison of chemical composition of Apollo-16 lunar soil and lunar simulants

Elements Apollo-16 lunar soil Sittampundi samples TJ-1 NAO-1 FJS-1 JSC-1

SiO2 44.75 45.52 47.70 44.67 49.14 47.71

TiO2 0.05 0.04 2.00 0.03 1.91 1.59

Al2O3 35.65 29.82 16.20 36.15 16.23 15.02

Cr2O3 ND ND ND 0.01 ND ND

FeO ND ND ND 0.11 8.3 7.35

Fe2O3 0.64 0.80 10.75 ND 4.77 3.44

MgO 0.13 0.02 0.15 0.02 0.19 0.18

MnO 0.55 2.44 5.04 0.01 3.84 9.01

CaO 16.4 17.61 8.21 18.3 9.13 10.42

Na2O 1.5 1.67 4.92 0.62 2.75 2.7

K2O 0.77 0.01 2.29 0.01 1.01 0.82

P2O5 0.00 0.02 0.58 0.0 0.44 0.66

BaO ND ND 0.06 ND ND ND

NiO ND ND ND 0.04 ND ND

SrO ND ND 0.09 ND ND ND

LOI ND 1.16 0.92 ND 0.43 0.11

Total 99.99 99.11 98.90 100.00 98.14 99.65

The rock samples were collected from the site to find the mineralogy and chem-
ical composition. The chemical composition and mineralogy of the samples were
determined by using energy dispersive X-ray analysis (EDX) and X-ray diffraction
(XRD) analysis conducted on a few samples. The results confirm that the samples
were matching the mineralogy and chemical composition of the Apollo-16 lunar
soil and other lunar stimulants like TJ-1 [20], NAO-1 [22], FJS-1 [21], and JSC-1
[26]. The comparative results of chemical composition are given in Table 1. The rock
samples were pulverized into different grain sizes, and various trial mixes were made
with different proportions to obtain a similar gradation of Apollo-16 lunar soil.

3 Tests on Samples

The geotechnical and dynamic properties of the lunar soil stimulant (LSS) were
determined based on the procedures and methods given in the ASTM/IS standards
[1–15]. A list of tests conducted on the LSS is given in Table 2. The tests were
repeated multiple times to ensure the reliability of the results.
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Table 2 Geotechnical
properties of the LSS

ASTM standard Geotechnical properties Values

D421 Specific gravity, Gs 2.70

D6913 Fines, % 40–48

ASTM D2487 Soil classification
(USCS)

Silty sand

D4914 Bulk density, ρ (g/cm3) 1.50

D4253-e1 and D4254 Relative density, % 63

Maximum density, ρmax
(g/cm3)

1.75

Minimum density, ρmin
(g/cm3)

1.18

Maximum void ratio,
emax

1.24

Minimum void ratio, emin 0.56

D698-e2 and
D1557-e1

Maximum dry density,
ρdmax (g/cm3)

1.45

Optimum moisture
content, %

12.77

D3080/IS2720 and
D2850

Cohesion stress, c (kPa) 0.456

Angle of internal
friction, φ (°)

38°

D2435 Compression index, Cc 0.036

Swelling index, Cs 0.001

3.1 Geotechnical Properties

The geotechnical properties of the LSSwere determined in order to assess the geome-
chanical properties for designing the in-situ exploration equipment and formulating
the foundation design criteria for lunar structures. The determined geotechnical
properties of the LSS are given in Table 2.

Dynamic Properties

The dynamic properties like shear modulus, damping ratio, bulk modulus, Poisson’s
ratio of the LSS were determined by conducting the cyclic triaxial test and bender
element test.

Cyclic triaxial test

In order to simulate themoonquake intensity at the laboratory level, the cyclic triaxial
test was preferred. The dynamic properties of the LSS were assessed by conducting
the triaxial test at varying frequencies and different confining pressures. The LSS
samples were prepared at its measured bulk density and tested as per the method
which is given in the ASTM D2435 standards. The prepared samples were tested
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at frequencies of 0.5 Hz, 1 Hz, 1.5 Hz, and 2 Hz, at different confining pressures
ranging from 0.5 to 2 kPa. The sample preparation for the cyclic triaxial test, its
confinement chamber with applied confining pressure, and the loading assembly are
shown in Fig. 2a–c.

Bender Element test

The shear modulus of the LSS has been determined by conducting the cyclic triaxial
test. In order to find the maximum shear modulus of the LSS, the bender element
test was performed as per the standards mentioned in the ASTM WK23118. Using
the measured shear wave velocity from the bender element test, the maximum shear
modulus was calculated. Figure 3 shows the bender element test.

4 Results and Discussions

The grain size influences the Shear strength [17, 24, 25, 27] andwheel-soil interaction
properties [19, 23, 29, 31, 32] of the soil and rover respectively. So, the grain size
distribution of the LSSwas considered as themost important parameter and analyzed
in detail. Although the newly developed LSS matches the grain size distribution of
the Apollo-16 lunar soil, this study focused on comparing the same with other lunar
high land simulants such as NAO-1 [22], NT-LHT-2M [33], and KLS-1 [30]. The
gradation of the LSS was most similar to the other high land simulants and also
closer to the Apollo-16 lunar soil limits. The specific gravity and bulk density of
the LSS were measured and compared with the same lunar high land simulants and
Apollo-16 lunar soil. The measured specific gravity value of LSS is 2.70, which is
comparably lower than the Apollo soil, but closer to some other lunar simulants like
TJ-1 [20], GRC-3 [18], and DNA-1A [24]. The measured bulk density of the LSS
also falls within the range of lunar soils given by Mitchel et al. (1972b) and Carrier
et al. (1991)

The shear strength of lunar soils is a significant factor influencing their engineering
properties, e.g., ultimate bearing capacity, slope stability, and trafficability [16]. LSS
also subjected to measure the shear strength parameters angle of internal friction and
cohesion. Direct shear tests were chosen to measure the shear strength of LSS for
the sake of convenience and economy. However, the triaxial compression tests also
carried out to measure the shear strength properties. From the test results, the internal
friction angle φ and cohesion c of the dried LSS are 38° and 0.456 kPa, respectively.
They have been obtained by the fitted linear regression line of the peak shear stress at
normal pressures of 50, 100, 150, and 200 kPa. From the compressibility test results,
it is observed that the LSS is low compressible and minimal swelling in nature.
The shear modulus of the LSS with respect to different applied confining pressure
and also different frequencies is in the range of 3000–6000 kPa. The corresponding
damping ration of the LSS is in the range of 14–25%. The maximum shear modulus
of the LSS was measured by using the bender element test which is given in Table
3. A typical shear wave curve obtained from bender element test is shown in Fig. 4.
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Fig. 2 Triaxial test of LSS-ISAC-1. a Sample preparation, b confining chamber with sample,
c loading assembly of triaxial test
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Fig. 3 Bender element test setup

Table 3 Bender element test
results

Confining
pressure (kPa)

Time Shear wave
velocity (m/s)

Shear modulus
(Gmax) (kPa)

0 1.73 ms 41.61 2682

50 1.01 ms 71.28 7872

100 910 μs 79.12 9699

150 860 μs 83.72 10,860

200 780 μs 92.30 13,200

250 750 μs 96 14,279
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Fig. 4 A typical shear wave curve obtained from bender element test

5 Conclusion

Understanding the physical and chemical properties of the lunar regolith is verymuch
important for the futuristic moon colonization, lunar explorations, and other lunar
missions. However, the available lunar returned samples are very much less and far
too small to be used for macroscale research programs. Therefore, a new lunar soil
simulant (LSS) was developed by the Indian Space Research Organization, India, in
large quantities for the extended research about the lunar surface and lunar highlands.

The chemical and physical (geotechnical engineering) properties of LSS
were verified to represent the real characteristics of Apollo-16 lunar soil. The
index/physical properties of the LSS were examined by conducting a series of labo-
ratory tests and summarized in Table 3. The shear strength properties of LSS were
evaluated via direct shear and triaxial tests within the context of Mohr–Coulomb
failure criteria. The peak internal friction angle of LSS is high and increases with
density, with negligible cohesion. The measured peak friction angle was 38° on
average, and interparticle cohesion was 0.456 kPa. Standard laboratory oedometer
apparatus testing yielded a compression index of (Cc) 0.036 and a swelling index of
(Cs) 0.001 for LSS.

The dynamic properties of the LSSwere assessed by conducting the cyclic triaxial
test, which is used to simulate the moonquake conditions at the laboratory level.
Based on the results, the geotechnical properties of the new LSS were cumulatively
matching with the Apollo-16 lunar soil and some other lunar simulants. Hence, the
LSS can be used for the extended research on the lunar regolith.
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Dynamic Characterization of Sand
of Indo-Bangla Border for Seismic Design

Rajat Debnath, Rajib Saha, and Sumanta Haldar

Abstract Agartala, the capital city of northeastern state Tripura, is growing fast
in terms of infrastructural facilities and population due to its global importance by
acting as a business corridor for southeast Asian countries through Bangladesh. This
region was categorized as Indo-Bangla sedimentary basin which is also identified
as a seismically active zone since the number of active faults. Likewise, Chittagong
fault has passed near to this region. The present study is an attempt to perform
dynamic characterization by performing dynamic laboratory tests on the Holocene
age sandy soil collected from different depth as well as varying locations of Agartala.
Bender element (BE) tests are carried out on the remolded soil samples. Hence, the
present study will offer different dynamic characteristics of sand, which will be
helpful to carry out local site effect studies and especially for prediction of severity
of liquefaction of this area.

Keywords Sandy soil · Bender element · Shear wave velocity

1 Introduction

Sandy soil of Holocene age was collected from Indo-Bangla seismic region (Fig. 1a,
b) to evaluate the liquefaction behavior of soil by evaluating various dynamic param-
eters by conducting non-destructive (NDT) bender element (BE) test. Though wide
variety of results are available on tests conducted on various types of soil ([1,
2], [14],[15],[16]), however, limited work has been carried out on the soil available in
the Indo-Bangla region, since the local geology plays a pivotal role in determining the
characteristics, nature, and type of soil. Exploratory borehole (BH) was conducted
at the site to evaluate the subsoil profile, since the region falls under a highly active
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Bore hole locations

(a) (b)

(c) (d)

(e)

Agartala 

Bangladesh

Fig. 1 a India map, b Tripura map, c Agartala map, d location of site, e location of bore holes for
sample collection
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seismic region, hence detailed investigation of soil is highly essential for evaluating
the response of soil at different frequencies and for evaluating important dynamic
properties such as V s and Gmax.

Disturbed soil (DS) samples collected from site falling within the coordinates
91° 15′ 0′′ E to 91° 15′ 40′′ E and 23° 48′ 0′′ N to 23° 48′ 20′′ N as shown in
Fig. 1c were undergone laboratory investigation to ascertain both static and dynamic
parameters which would play a vital role in assessing the dynamic behavior of soil
and thus these characteristics would play a vital role in assessing the response of soil
during liquefaction. Since the region falls under seismic region V, this study would
help in assessing the behavior of soil under dynamic loads.

2 Seismological Overview of Indo-Bangla Region

Indo-Bangla region, falling with the northeastern state of Tripura, as shown in Fig. 1a
is one of the most active and the region is densely populated and Agartala city
which falls within this region with the coordinates (23.75°–23.90° N and 91.25°–
91.35° E), as shown in Fig. 1, falls under highest zone V as per the seismic zoning
map of Bureau of Indian Standards (BIS 2002). Sylhet trough of Indo-Bangla region
being a tectonically complex province comprising of Mesozoic and Cenozoic age
sedimentary rock. Sylhet trough is being developed by the movement of Shillong
massif in the north, westward propagation of Indo-Burman mobile belt. Sedimentary
sequence encountered in the formation is divided into following lithostratigraphic
units, from oldest to youngest comprising of Bhuban (1194 m) and Bokabil (798 m),
which are formations of Surma group (Miocene age), followed by Tipam sandstone
(646 m) and Girujan clay (411 m) which are of Tipam group of Mio-Pliocene age
followed by youngest formation of Duptila of Plio-Pleistocene age.)

Disturbed samples of sand were collected from this region from locations as
shown in Fig. 1c. Several EQs have occurred in the past, [20], due to these faults thus
making this region one of themost seismically vulnerable regions of the world. Some
major EQs which have occurred due to the faults are 1869 Cachar EQ (Mw = 7.5)
due to plate boundary-2 fault of moment magnitude, 1885 Bengal EQ (Mw = 7.0)
due to Modhupur fault, 1897 Great Indian EQ (Mw = 8.1) due to Dauki fault, and
1918 Srimangal EQ (Mw = 7.6) due to plate boundary-2 fault are some of the major
EQs which have occurred in this region. Any important structure which is built in
this region, especially lifeline structures, detailed dynamic laboratory investigation
needs to be conducted to prevent the structure from any future damage and the present
study focuses on evaluating dynamic parameters that would enable in assessing the
response of the collected samples.
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3 Laboratory Investigation

3.1 Sample Preparation

Disturbed samples obtained from field by subsoil investigation by standard pene-
tration test (SPT ) as shown in Fig. 2a, three borings were conducted at the site,
and the locations of three boreholes are shown in Fig. 1e, and experimental inves-
tigations were conducted on the samples collected to determine physical and engi-
neering parameters of soil. In order to determine shear strength parameters of sandy
soil specimens collected as shown in Fig. 2c, soil specimens were prepared in the
laboratory by tamping method in three layers at the required relative density for
the consolidated undrained (CU) triaxial test. For evaluating dynamic parameters
by BE method, samples were prepared in cylindrical moulds at the required relative
density by tamping method at a height (H) to diameter (D) ratio of 1:2, as shown in
Fig. 2c.

3.2 Evaluation of Static Parameters

Water content of the soil was determined by oven drying the sandy soil at 105 °C
as shown in Table 1, to determine the grain size sieve analysis were performed to
evaluate the type of sandy soil as shown in Fig. 3a, as per IS:2720 (Part 4), from
the results obtained from sieve analysis it showed that the soil samples contained
sand percentage ranging from 95 to 98%, and the sands obtained were well graded
in nature, coefficient of uniformity (Cu), and coefficient of curvature (Cc) along with
other physical properties are shown in Table 1.

Shear strength parameters were measured along with the rate of change of pore
water pressure (PWP), variation of PWP versus shearing strain at varying confining
pressure (CP) are shown in Fig. 3b.

3.3 Evaluation of Dynamic Parameters

V s of soil was evaluated by performing BE test, as shown in Fig. 4. Cylindrical
samples were prepared by the tamping method keeping H/D as 1:2. Piezoelectric
BE elements were used for determining V s, at strains in the range of 10–6, which
is well within the elasticity of most of the soils, since its first usage [3–5]. BE are
mounted at the top and bottom of a triaxial apparatus as shown in Fig. 2e and the
signals are being transmitted through these piezoceramic BE. The length traveled
by the signal is the height of the soil sample, which is being referred to as length
of travel time (Ltt) and the corresponding time required to travel that length which
is recorded in the digital oscilloscope, which in turn helps in evaluating the shear
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Soil sample        
(H/D) =2.00

PWP apparatus

Soil sample
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Function 
generator

Digital 
oscilloscopePower generator

Fig. 2 aCollection of samples from site. bDisturbed sand samples. c Samples prepared by tamping
method. d Triaxial CU test. e Bender element test
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Table 1 Index properties of cohesionless soil

Soil type Specific gravity, Gs Coefficient of
uniformity, Cu

Coefficient of
curvature, Cc

USCS classification

LS-1 2.66 7.23 2.01 SM

LS-2 2.67 8.11 1.66 SM

LS-3 2.68 6.23 1.45 SM
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Fig. 3 a Grain size analysis of soil. b Rate of change of PWP with varying CP

wave velocity of the soil, at varying CP and input frequency (f in), ([1, 6–8], [17]).
BE producing shear wave is followed by transmission of compression wave and
reflected shear wave, being referred to as near field effect. Such near field effect
creates difficulty in accurate measurement of the shear wave arrival whose effect can
beminimized by enhancing the input frequency ([9], [18]). Keeping near field effects
into consideration the present study was conducted at frequency ranging from 0.5
to 5 kHz, where the graphs indicated that with the simultaneous increase of input
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frequency, effects of near field effects are being reduced in evaluating the Ltt/λ ratio,
which also helps in evaluating V s by minimizing the near field effect.

4 Results and Discussion

4.1 Wavepath Length to Input Frequency

The ratio of wavelength path (Ltt) to that of wavelength (λ) determines the conver-
gence of V s to a point and constant value is obtained which can be taken into consid-
eration to reduce near field effects. Near field effect gets reduced along with the
increase of input frequency and thus Ltt/λ plays a vital role in this regard. Various
researchers have pointed out various Ltt/λ ratio ranging from 1.60 to 8.00 [1, 8, 10–
12]. The dependence on Ltt/λ ratio is due to the variation in the values of shear wave
velocity and the point at which all the values converge can be taken as the V s of the
respective soil. Values obtained from the graph varied from 1.60 to 1.80 for three
sand samples as shown in Fig. 4.

4.2 Shear Wave Velocity

Sand samples were taken into consideration for the present study for the determi-
nation of shear wave velocity at input frequencies ranging from 0.50 to 5.00 kHz at
confining pressure of 50, 100, 200, and 400 kPa. The reconstituted sample is prepared
in case of sandy soil by tamping method, where the soil was tamped to the desired
relative density of 0.40, compacting it in three layers. The height and diameter ratio
of all the samples were kept at 2.00. From the tests conducted the V s varied from
LS, as shown in Fig. 5.

4.3 Comparison of Field Vs and Experimental Vs

Standard penetration (SPT) tests were conducted in the field to determine the N
value, various correlations are provided by various researchers to derive V s in the
field correlating with N value, and graphs of N value along with their corresponding
V s are shown in Table 3. V s were also determined in the laboratory by BE test, by
attaining the similar effective stress under in situ conditions up to a depth of 5.00 m,
from where the disturbed sand samples were collected for the sandy samples. V s

were obtained from N value by adopting the correlation proposed by [19] and were
compared with the V s obtained in the laboratory which also validated the V s values,
obtained by the BE test. The values obtained after correlation from the field with the
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values obtained in the laboratory are shown in Table 2. The correlation proposed by
Dikmen which was used for the present study was,

Vs = 73N 0.33, for cohesionless soil (1)

Table 2 Shear strength parameters of sandy soil

Nature of soil Corrected N
value

Cohesion, C
(T/m2)

Angle of internal
friction (°)

γsat (T/m3) Void ratio (eo)

LS-1 11 0 25 1.83 0.52

LS-2 12 0 26 1.85 0.57

LS-3 14 0 28 1.94 0.64

Table 3 Comparison of field V s (SPT Test) and laboratory (BE test)V s

Soil type In situ N value V s obtained from correlation with
SPT value (m/s)

V s obtained from BE test (m/s)

LS-1 10 156.07 166.00

LS -2 11 161.06 168.00

LS -3 13 170.18 174.00



92 R. Debnath et al.

4.4 Maximum Shear Modulus

Gmax was evaluated from V s of soil from the elastic wave equation as shown in Eq. 1.
Gmaxplays a vital role in GRA of soil and plays a vital role in assessing the response
of soil to dynamic loads. Gmax values were evaluated for LS which varies along with
the variation of CP, which are shown in Fig. 4c.

Gmax = ρVs (2)

where
ρ = density of soil specimen.

4.5 Empirical Equation of Gmax

Evaluation of Gmax with the help of an empirical equation has been proposed by
various researchers and several forms of Gmax equations are stated in Bai et al.
(2011), Dammala et al. [13]. Gmax equations are mainly based on the function of
void ratio, atmospheric pressure, and effective stresses. Gmax equations formulated
by Hardin are one of the most widely adopted formulations by various researchers
for its dimensional consistency and can be applied to the soil with varying void ratio.
The general form of the equation is stated as.

Gmax = A × (Pa)
1−m

(
σ ′
c

)

(0.3 + 0.7e2)
(3)

where Gmax is maximum shear modulus (MPa), A is a constant term depended
on soil, Pa is standard atmospheric pressure, σ ′

c, confining pressure acting on soil
specimen, e is the void ratio,m is stress depending factor. In the present study, sandy
samples were taken into consideration, and BE tests were performed on the samples
at varying confining pressure which was undergone regression analysis to determine
the fitting parameters based on Eq. (2). Figure 5 shows the regression analysis of
three sandy soil varieties and the various constant parameters such as A, m and with
their coefficient of correlation, R2.

5 Summary and Conclusions

S wave velocities with the help of BE incorporated in a triaxial cell were measured
simultaneously at varying confining pressure and input frequencies on three sand
samples, which were collected from the Indo-Bangladesh border. Various dynamic
parameters were evaluated which can play a vital role in ground response analysis
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(GRA) of various lifeline structures which is to be constructed at the proposed study
area. Various dynamic parameters which are being evaluated are stated below:

(a) Near field effect in case of BE possesses a substantial problem in the determina-
tion of actual values, which however can be minimized by increasing the input
frequency. For the present study, Ltt/λ ratio was obtained for sandy soil whose
values ranged from 1.45 to 1.80.

(b) V s of all the four varieties of soils are evaluated at varying confining pressures
and the obtained V s values were validated with the V s obtained in the field, by
correlation with SPT-N value and the results obtained were quite reasonable,
which validated the V s obtained in the laboratory with that of the field.

(c) Gmax and analytical expressions ofGmax were evaluated for four soil typeswhich
varied from soil to soil, and these values can be utilized forGRA of the structure.
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Effect of Matric Suction and CSR
on Dynamic Response of Expansive Soil

Naman Kantesaria and Ajanta Sachan

Abstract The unsaturated shear behaviour of soil is governed by the presence of
negative pore water pressure or matric suction (ua-uw). Based on the distribution of
solid, water and air phases, the soil–water characteristics curve (SWCC) is divided
into three zones such as (1) boundary effect zone, (2) transition zone and (3) residual
suction zone. The dynamic shear behaviour of soil in these three zones is entirely
different due to their particular suction characteristics. However, this aspect of expan-
sive soil has not been explored yet. Expansive soil has a very wide range of suction
variation from 0 to 10,00,000 kPa. Hence, the aim of the current study is to eval-
uate the dynamic response of Nagpur expansive soil subjected to variation of matric
suction and cyclic stress ratio (CSR). A series of stress-controlled cyclic simple
shear (CSS) tests were carried out on the compacted specimens of Nagpur expan-
sive soil at varying CSR (0.1, 0.3, and 0.5) and degree of saturation (30, 50, 70,
and 95%). SWCC of Nagpur soil was determined through the filter paper method,
and the saturation values for CSS tests were chosen to cover all the three zones of
SWCC. Shear modulus was found to increase with the increase in matric suction
until residual suction zone arrived. However, it decreased with further increase in
matric suction. Rate and magnitude of stiffness degradation were observed to reduce
with the decrease in CSR for complete matric suction range of Nagpur expansive
soil. Dissipated cumulative strain energy and cumulative cyclic shear strain were
maximum for lowest matric suction specimens for all CSRs.
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1 Introduction

The arid and semi-arid regions of the world have natural hydraulic datum at a very
large depth. The soils above the natural hydraulic datum remain unsaturated, and their
mechanical behaviour is diverse with conventional soil mechanics. This behaviour
is due to the presence of negative pore water pressure or matric suction (ua-uw),
generated through capillarity and surface tension. In the past, several researchers
[1–5] studied the various methods of matric suction measurement, development of
soil–water characteristics curve and relation of these properties to monotonic shear
strength parameters (c and ϕ). However, very limited research has been done to
study the influence of suction on dynamic behaviour of unsaturated soils. Under-
standing of unsaturated dynamic shear behaviour of soil is extremely important for
the design and analysis of several geotechnical structures. Chin et al. [6] investigated
the cyclic behaviour of unsaturated silt under suction-controlled simple shear condi-
tion with maximum suction range of 200 kPa. They found increase in shear modulus
and reduction in damping ratio with increase in matric suction. Hosseini et al. [7]
performed suction-controlled triaxial tests to study the monotonic, cyclic and post-
cyclic behaviour of low plasticity clay (CL) under the maximum applied suction of
90 kPa. Shear strength and shear modulus were found to increase with the increase
in confining pressure and initial suction. Le and Ghayoomi [8] conducted a series of
suction-controlled cyclic simple shear tests to investigate strain-dependent dynamic
properties of unsaturated sands. They applied maximum of 10 kPa matric suction
and concluded that the volumetric strain generation is partially saturated sand was
lower than that of saturated sand. Pandya and Sachan [9] conducted a series of cyclic
triaxial tests on unsaturated specimens of Ahmedabad cohesive soil to investigate the
effect of matric suction and initial static loading. They found significant improve-
ment in shear modulus with matric suction and initial static loading. These previous
studiesweremainly focused on the cohesionless to lowplasticity cohesive soils under
extremely low suction range. However, geotechnical engineers often come across the
high plasticity expansive soil during the construction of earthen dams, road-railway
embankments, levees, canals, building foundations, etc. These soils have very wide
range of matric suction ranging from 0 to 1,000,000 kPa [2]. Hence, it becomes very
important to understand the dynamic behaviour of these soils under wide range of
matric suction and loading conditions.

The objective of the current study is to evaluate the dynamic behaviour of Nagpur
expansive soil under the influence of different initial matric suctions and cyclic stress
ratios (CSRs). A series of stress-controlled cyclic simple tests were performed on
the Nagpur soil at four different degrees of saturations (30, 50, 70 and 95%) and
three different CSR values (0.1, 0.3 and 0.5). The attempt was made to explain the
dynamic response of Nagpur soil with distinct characteristics of SWCC.
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2 Material Properties and Specimen Preparation

Soil used in the current study was collected from left bank canal of Gosikhurd dam,
Nagpur (India). The grain size distribution of Nagpur soil indicated the presence of
6% sand, 34% silt and 60% clay. The liquid limit, plastic limit and specific gravity
were obtained as 77%, 28.5% and 2.74%, respectively. The soil was classified as
clay with high plasticity (CH type) according to Indian standard soil classification
system. The differential free swell index (DFSI) of Nagpur soil was determined as
123% and that indicated the soil to be highly expansive soil [10]. The compacted
specimens for both the filter paper tests and cyclic simple shear (CSS) tests were
prepared by moist tamping method [11, 12] at constant dry density of 1.34 g/cc. The
75 mm diameter and 25 mm height specimens for filter paper tests were prepared
at different water contents ranging from 11.4 to 36.2% (Sr = 30 to 95%). However,
the water content (w) of the CSS specimens was varied as 11.4%, 19.0%, 26.6% and
36.2% to achieve the required degree of saturation (Sr) of 30%, 50%, 70% and 95%,
respectively. The diameter and height of CSS specimens were kept as 70 mm and
20 mm, respectively.

3 Experimental Programme

3.1 Filter Paper Test (Matric Suction)

Matric suction of Nagpur expansive soil was determined by conducting in-contact
filter paper tests as per ASTM D5298-10 [11]. An oven-dried Whatman 42 (ashless)
filter paper of 55 mm diameter was sandwiched between two 60 mm diameter filter
paper to prevent centre filter paper from soil contamination. This stake of filter papers
was then carefully placed between two prepared soil specimens of equal dry density
and water content. The proper contact between the soil specimens and filter papers
was assured by sealing this assembly through electric tap from side and top. These
prepared sampleswere then put inside the temperature-controlled incubator for seven
days to acquire equilibrium. The temperature during seven-day equilibrium period
was maintained as constant 20 °C. After seven days, the middle filter paper was
carefully removed and its water content was determined accurately with weighing it
using balance precision of 0.0001 g. The soil suction was then determined through
the calibration curve given in ASTM code for Whatman 42 filter paper. To ensure
repeatability, matric suction of each soil specimen was measured twice.
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3.2 Cyclic Simple Shear Test

The cyclic simple shear (CSS) tests were carried out in the Norwegian Geotechnical
Institute (NGI)-type cyclic simple shear set-up as per ASTM D6528-17 [12]. The
prepared specimenwas transferred in theCSSmould havingpin-typedbase plate. The
mould contains several small thickness Teflon ringswith very low friction to allow the
specimen to shear in any possible weak plane. The 100 kPa normal pressure is then
applied and allowed specimen to undergo compression in K0 condition. The stress-
controlled shearing was then applied at three different cyclic stress ratios (CSRs)
of 0.1, 0.3 and 0.5, at a constant loading frequency of 1 Hz. The CSR is defined as
Eq. (1).

CSR = Shear Stress

Normal Stress
= τ

σN
(1)

The detailed experimental programme with test number is mentioned in Table 1.
The specimen height was kept constant during the process of shearing by controlling
axial displacement as constant with the accuracy of 0.5μ (0.0025%). Each specimen
(except T9 and T12) was subjected to 1000 cycles of uniform sinusoidal dynamic
loading.

Table 1 Dynamic shear strength parameters of unsaturated Nagpur expansive soil

Test
series

Test
number

CSR Sr ua-uw (kPa) G (kPa) D (%) Cumulative
�W (kJ/m3)

Cumulative
γ cy (%)

S1 T1 0.1 30 19,062 14,178 27 11 0.07

T2 50 4279 14,013 27 12 0.07

T3 70 1548 11,865 28 14 0.09

T4 95 48 8739 29 22 0.13

S2 T5 0.3 30 19,062 10,197 29 152 0.31

T6 50 4279 12,668 27 122 0.25

T7 70 1548 8996 29 210 0.43

T8 95 48 3056 33 1377 2.89

S3 T9 0.5 30 19,062 6751 35 112 13.99

T10 50 4279 9279 28 9 0.57

T11 70 1548 8614 31 10 0.59

T12 95 48 922 43 418 23.53
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Fig. 1 Soil–water
characteristic curve (SWCC)
of Nagpur expansive soil

4 Results and Discussions

4.1 Soil–Water Characteristics Curve (SWCC)

The soil–water characteristics curve (SWCC) of Nagpur expansive soil determined
through filter paper tests is plotted in Fig. 1. The SWCC gives the relation between
soil moisture and matric suction. In the present study, SWCCwas expressed in terms
of degree of saturation (Sr) and matric suction (ua-uw). To cover the entire range
of matric suction, the mathematical fit given by Fredlund and Xing [13] was used
and shown as dotted line in Fig. 1. The air-entry value (AEV) and residual degree
of saturation (Sr)r were estimated as 210 kPa (at Sr = 88%) and 30%, respectively
[2]. The residual suction value at (Sr)r = 30% was found to be 19,062 kPa. Based
on these values, the SWCC was divided into three zones: (1) boundary effect zone
(Sr > 88%), (2) transition zone (30% < Sr < 88%) and (3) residual suction zone (Sr
< 30%). These three zones are basically characterized by their distinct moisture–
suction relationship, and they had significant effect on shear behaviour of soil [2, 14,
15]. Hence, the saturation values were selected in such a way that it covered all the
three zones of SWCC for CSS tests on compacted Nagpur soil.

4.2 Hysteresis Behaviour and Cyclic Shear Strain
Accumulation

Cyclic stress–strain behaviour as hysteresis response for series S1, S2 and S3 is shown
in Fig. 2a–c, respectively. Each figure shows the variation in hysteresis loops for first
10 loading cycles, as a function of initialmatric suction andCSR.At lowerCSRof 0.1
(series S1), the inclination of loops decreased with increase in initial matric suction.
The highest angle (rotation angle) between hysteresis loop and horizontal axis was
observed for specimen with highest matric suction (T1). For higher CSR in series
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Fig. 2 Hysteresis shear response of Nagpur soil. a Series S1, b series S2, c series S3

S2 and S3, the rotation angle of hysteresis response was found to be increased with
increase in initial matric suction up to Sr = 50% {(ua-uw) = 4279 kPa}. However,
rotation angle again decreased for Sr = 30% specimen. The expansion of loops with
each repeated loading cycles was observed to be profound for higher CSRs due to
large degradation of soil structure at higher applied load. However, the specimens
whose initial matric suction lied in the transition zone range did not show significant
degradation or expansion in hysteresis behaviour at all CSR levels. The loops were
almost symmetric with respect to shear strain for series S1, and it indicated that the
large component of total strain generation remained elastic. However, the develop-
ment and accumulation of plastic strain component might shift the hysteresis loops
in one direction significantly for the specimens of 0.3 and 0.5 CSRs.

The accumulated cyclic shear strain (γ cy) with number of loading cycles is shown
in Fig. 3a–c for series S1, S2, and S3, respectively. The maximum accumulated
strain and its relation to initial matric suction for all CSR are presented in Fig. 3d
and Table 1. For all the three series, highest accumulated shear strain at any number
of loading cycle was found in the specimens with lowest initial matric suction{(ua-
uw) = 48 kPa}. Matric suction added additional force to hold the particles together
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Fig. 3 Effect of initial matric suction and CSR on cumulative strain response of Nagpur soil.
a Series S1, b series S2, c series S3, d summarized curve

and it reduced the particle deformation. However, at very high suctions greater than
residual suction value, the net contribution of suction might reduce the load carrying
capacity of soil and displayed excessive deformation. This could be due to the uneven
and localized distribution of matric suction and loss of capillary necks within the soil
mass at very low water content [14, 16, 17]. This phenomenon was observed for
the compacted specimens of T5 and T9 at higher CSR of 0.3 and 0.5, respectively
(Fig. 3d). However, for low load application as in the case of CSR 0.1, the clay
buttress phenomena in T1 specimenmight have prevented the excessive deformation
and increased the stiffness [18]. The limiting shear strain (γ s > 10%) was adopted
as failure criteria in the present study. Only two specimens, T9 and T12, reached the
shear strain of 10% and failed at 4 and 18 loading cycle (N), respectively. All other
specimens completed the 1000 loading cycles with gradually increased shear strain
(Fig. 3).
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4.3 Dynamic Parameters

Shearmodulus (G) at different numbers of loading cycleswas evaluated as perEq. (2).

G = τ1 + τ2

γ1 + γ2
(2)

where τ 1 and τ 2 are maximum and minimum shear stresses at each loading cycle;
γ 1 and γ 2 are shear strain corresponding to τ 1 and τ 2, respectively. The calculated
shear modulus for each loading cycle is plotted in Fig. 4a–c for series S1, S2 and S3,
respectively. Shear modulus (G) was found to increase significantly with increase in
initial matric suction till it reached the residual suction value (Table 1). Thereafter,
the value of shearmodulus forT5 andT9 specimen decreasedwith further increase in
matric suction. Highest shear modulus (G) of 14,178 kPa was found for T1 specimen
at lowest CSR of 0.1. As CSR increased from 0.1 to 0.5, the soil structure exhibited

Fig. 4 Effect of initial matric suction and CSR on shear modulus of Nagpur soil. a Series S1,
b series S2, c series S3, d summarized curve
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higher shear stress leading to higher degradation in particle structure. Hence, the
shear modulus of S1 was observed to be higher as compared to S3 and S5. The
degradation in shear modulus with number of loading cycles was evident in series S5
due to higher plastic strain accumulation with each cycle of loading. The maximum
decrease in ‘G’ value was observed to be 92 and 80% for T5 and T9 specimens,
respectively, with repeated loading cycles. The shear modulus variation with initial
matric suction for each CSR is presented in Fig. 4d.

Damping ratio (D) is the ratio of dissipated strain energy to applied elastic strain
energy, and it was estimated based on the equation suggested by Sitharam et al. [19].
Estimated damping ratio as a function of loading cycles and matric suction is shown
in Fig. 5. The damping ratio was found to increase with decrease in matric suction
for series S1 (Fig. 5a). However, due to high plastic deformation and capillary neck
breaks, the damping ratio for T5 and T9 specimen again increased as matric suction
reached to the residual state. Highest damping of 43%was obtained forT12 specimen
under 0.5 CSR loading (Table 1). Matric suction holds the particles together, and it

Fig. 5 Effect of initial matric suction and CSR on damping ratio of Nagpur soil. a Series S1,
b series S2, c series S3, d summarized curve
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eventually resisted the particle structure degradation leading to the decreased strain
energy dissipation. The increase in CSR exhibited the significant increase in damping
at all the matric suction levels. Increase in applied load led to higher particle bond
breakage and that resulted in higher damping. Damping ratio was observed to reduce
gradually with the number of repeated loading cycles for all the CSR and matric
suction values.

4.4 Cyclic Stiffness Degradation

Stiffness degradation during cyclic loading can be characterized by calculating cyclic
degradation index (δ*).Mortezaie andVucetic [20] andThian andLee [21] suggested
Eq. (3) to calculate the δ* in stress-controlled loading conditions:

δ∗ = GN

G1
(3)

whereGN is secant shearmodulus at anyN th cycle andG1 is the secant shearmodulus
of first cycle. The δ* variation with number of loading cycles is shown in Fig. 6a–
c for series S1, S2 and S3, respectively. Lower degradation index specified higher
stiffness degradation and increase in irreversible strain with repeated loading cycles
[21]. The lowest values of δ* were found for two failed specimens of T9 and T12.
The specimens (T2, T3, T6, T7, T10 and T11) that had initial suction in transition
zone displayed very less stiffness degradation and that remained consistent for all
CSR values. The significant stiffness degradation was observed for the specimens
(T4, T8 and T12) with lowest matric suction due to the lack of additional bonding
force. The increase in applied load (CSR) also lowered the δ* values and degradation
of stiffness at faster rate. Except CSR 0.1, the reduction in δ* values with number of
cycles was observed to follow the linear relationship.

4.5 Cumulative Energy Dissipation

Dynamic instability of soil mass can also be accessed through cumulative strain
energy dissipation concept. Voznesensky and Nordal [22] proposed a procedure to
determine the cumulative energy dissipation (�W) per unit volume of soil mass
during cyclic loading. The same procedure was adopted in the present study to
evaluate the energy dissipation response, and it is presented in Fig. 7a–c for series
S1, S2 and S3, respectively. The total dissipated energy at the end of shearing stage
for all the specimens is listed in Table 1. The total cumulated strain energy was
found to increase significantly with decrease in initial suction value till residual
state. In S3 series, the dissipated cumulated energy at the end of shearing for T12
specimen was found to be 46% higher than T10 specimen. This difference was
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Fig. 6 Effect of initial matric suction and CSR on stiffness degradation response of Nagpur soil.
a Series S1, b series S2, c series S3

reduced as 11 and 2% for series S2 and S1, respectively (Table 1). The strain energy
dissipation per loading cycle was observed to increase with repeated loading cycles
and CSR. The load repetition in soil mass degraded the particle structure and that
caused irreversible strain accumulation. Due to this, the higher energy was dissipated
during each successive loading cycle and the stress–strain loops expanded. However,
the increase in dissipated energy with loading cycle in specimens of CSR 0.1 was
found insignificant, and it is specified that the major strain component remained
elastic in nature (Fig. 7a).

5 Conclusions

A series of stress-controlled cyclic simple shear tests were conducted on the unsatu-
rated specimens of compacted Nagpur expansive soil to evaluate the effect of initial
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Fig. 7 Effect of initial matric suction and CSR on energy dissipation response of Nagpur soil.
a Series S1, b series S2, c series S3

matric suction and CSR on dynamic behaviour of soil. The results were analysed
in terms of hysteresis response, shear strain accumulation (γ cy), shear modulus
(G), damping ratio (D), cyclic degradation index (δ*) and cumulative strain energy
dissipation (�W ). The major conclusions of the present study are as follows:

• Hysteresis shear response of soil was significantly governed by initial matric
suction state and applied CSR. The inclination of hysteresis loop and shear
modulus (G) was observed to increase with increase in CSR and decrease in initial
matric suction till residual suction state. In residual suction zone, the compacted
soil behaviour changed and displayed the reverse trend for higher applied loading
of CSR 0.3 and 0.5.

• Reduction in matric suction caused higher accumulation of shear strain (γcy) with
faster rate.

• Damping ratio (D) was decreased with increase in initial suction during boundary
effect zone and transition zone. However, reverse trend was observed in residual
suction zone. The increase inCSR led to higher damping ratio at all suction values.
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• The amplitude and rate of stiffness degradation (δ*) were found to be higher for
lower initial matric suction. The degradation in stiffness was found to increase
with the increase in CSR (0.1–0.5).

• The strain energy dissipation was increased with repeated loading cycles. The
cumulated dissipated energy (�W ) at the end of shearing was observed to be the
maximum at lowest matric suction.

• The specimens in residual suction zone displayed higher strength and stiffness
to dynamic loading at smaller CSR. However, the sudden drop in stiffness was
observed when CSR was increased up to a certain value.
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Effect of Relative Compaction
on Dynamic Behaviour of Low Plasticity
Cohesive Soil

Adarsh Singh Thakur, Naman Kantesaria, and Ajanta Sachan

Abstract Relative density is commonly used to quantify the looseness or denseness
of the in situ soil. However, its determination is not possible in the case of cohesive
soils. Hence, relative compaction is used as a governing parameter to represent the
different states of natural in situ conditions in cohesive soils. Relative compaction is
defined as the ratio of field dry density to the maximum dry density determined by
the standard Proctor test. The amount and rate of strength and stiffness degradation
of soil under dynamic loading depend largely on their compaction state. The aim
of the current study is to evaluate the effect of relative compaction on the dynamic
behaviour of low plasticity cohesive soil collected from Chobari Dam, Gujarat. A
series of two-way displacement-controlled cyclic triaxial tests and 1D consolidation
(oedometer) tests were performed on the specimens of Chobari Dam soil. The spec-
imens were prepared at different relative compactions of 65, 70, 75, 80, 85, 90 and
100%. The hysteresis behaviour of Chobari Dam soil was evaluated based on the vari-
ation in shear modulus (G), damping ratio (D) and cyclic stiffness degradation index
(δ). Shear modulus was found to increase with the increase in relative compaction,
while cyclic stiffness degradation was observed to decrease as relative compaction
decreased to 80%. The variation in cyclic stiffness degradation was observed to be
insignificant for relative compaction below 80%. Rate of degradation of damping
ratio was observed to be reduced with the decrease in relative compaction.
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1 Introduction

The soils in natural conditions are found in states ranging from loosest to densest.
Relative density is a commonly used parameter to quantify the density state of cohe-
sionless soil. However, its determination in cohesive soil is difficult due to particle
floc formation. Hence, relative compaction is adopted in the present study to quantify
the various in situ density states of cohesive soil. Relative compaction (RC) is defined
as the ratio of in situ or compacted density of soil to themaximumdry density (MDD)
obtained by the standard Proctor test. The dynamic properties of soil including shear
modulus, damping ratio and stiffness degradation largely depend on the compaction
state of the soil. The assessment of these properties of soil under cyclic loading
conditions is essential for the stability analysis of geotechnical structures. In the
past, several authors [5, 6, 11, 14, 10, 18–20, 22] investigated the effect of relative
density, fine content, soil properties and stress history on dynamic parameters of
cohesionless soil. Wang et al. [23] studied the cyclic and post-cyclic behaviour of
low plasticity silt and the impact of additional clay content in it. They reported that
with increasing clay content, the soil displayed cyclic softening behaviour rather than
flow liquefaction. Soralump and Prasomsri [21] studied the cyclic degradation, cyclic
pore water pressure generation and volumetric cyclic threshold shear strain on 12
compacted clay specimens. They found a lower generation of pore water pressure in
compacted clays than other types of soils at corresponding cyclic shear strain ampli-
tude. Eseller-Bayat et al. [8] studied the combined effect of relative density, plasticity
index (PI), fine content and cyclic stress ratio (CSR) on the liquefaction suscepti-
bility of sand. They found that the higher PI and higher relative density reduced the
liquefaction potential of sandy soil. Kumar et al. [16] conducted a series of cyclic
triaxial tests on low plasticity cohesive soil with two different initial dry densities
and water content. Shear modulus reduction and damping ratio were found to be
unaffected by initial dry density and water content. Pandya and Sachan [17] investi-
gated the effect of initial void ratio on dynamic response of saturated high plasticity
cohesive soil through cyclic triaxial tests. They found a substantial increase in cyclic
stiffness of soil with initial densification. The soil used in the present research is a
CL-ML type of soil. Boulanger and Idriss [4] illustrated that the soil having proper-
ties similar to the tested soil displayed intermediate transitional response between the
well-defined ‘sand-like behaviour’ and ‘clay-like behaviour’. However, very limited
research has been done to evaluate this transitional behaviour of such soils. Hence,
the current research is focused on evaluating the effect of relative compaction on
the hysteresis response, stiffness degradation and dynamic properties of saturated
low plasticity cohesive soil (CL-ML type) subjected to cyclic loading. A series of
strain-controlled cyclic triaxial and oedometer tests were performed on the Chobari
dam soil at different relative compaction values (65, 70, 75, 80, 85, 90 and 100%).
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Table 1 Compressibility and dynamic parameters of Chobari dam soil

Relative
compaction (%)

Initial dry
density
(g/cc)

Initial void ratio Cc ru G (MPa) D (%) t

65 1.3 1.07 0.182 0.67 10.8 44.2 0.08

70 1.4 0.93 0.164 0.72 12.0 42.2 0.18

75 1.5 0.8 0.156 0.73 11.7 43.8 0.21

80 1.6 0.69 0.150 0.65 13.1 44.4 0.22

85 1.7 0.59 0.132 0.66 13.6 42.0 0.19

90 1.8 0.5 0.072 0.71 16.5 40.3 0.17

100 1.99 0.38 0.054 0.55 21.5 39.2 0.17

2 Material Properties and Specimen Preparation

In the current study, soil was collected from the Chobari Dam,Kutch, Gujarat (India).
Grain size distribution tests exhibited the following composition: 48% sand, 42% silt
and 10% clay. The specific gravity, liquid limit and plastic limit were obtained to
be 2.7%, 23% and 16%, respectively. The soil was classified as CL-ML, as per
the Indian Standard Soil Classification System (ISSCS). Standard Proctor test of
Chobari soil exhibited the optimum moisture content (OMC) and maximum dry
density (MDD) to be 11.6% and 1.99 g/cc, respectively. The specimens at different
relative compaction values (65, 70, 75, 80, 85, 90 and 100%) were prepared using
moist tamping method, as per ASTM D4767-04 [2]. The corresponding void ratio
and initial dry density with respect to relative compaction values of Chobari dam soil
are listed in Table 1. The specimens for cyclic triaxial tests (50 mm diameter and
100 mm height) were prepared in three-piece aluminium mould. Six vertical filter
strips of 10 mm width were attached with soil specimen to accelerate the process of
saturation and consolidation. For oedometer tests, the specimens of 60 mm diameter
and 20 mm height were prepared in consolidation ring.

3 Experimental Programme

In the present study, a series of 1D consolidation and two-way strain-controlled cyclic
triaxial tests were performed on soil specimens at different relative compactions. In
1D consolidation test, seating load of 5 kPa was applied for 24 h and vertical stresses
of 10, 20, 50, 100, 200, 400 and800kPawere applied sequentially at an interval of 24h
[15]. Two-way strain-controlled cyclic triaxial tests were performed at an axial strain
amplitude of 0.1% and frequency of 1 Hz under the confining pressure of 100 kPa
[1]. Submersible load cell of capacity 10 kN, LVDT with the capacity of ±10 mm
and 1000 kPa capacity triaxial cell were used in cyclic triaxial setup. The specimens
were saturated using two-step process. In first step, water flushing was conducted
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and then forced saturation was applied. Both the processes were performed under
the effective confining pressure of 20 kPa. Skempton’s pore pressure parameter (B)
was checked after every increment and was assured to be 0.95 before consolidation
to acquire complete saturation. The back pressure till saturation was kept constant
as 510 kPa for all the relative compaction specimens to maintain the uniformity. The
isotropic consolidation was performed at 100 kPa of effective confining pressure.
Strain-controlled cyclic loading in the form of sinusoidal waves was then applied and
continued till 250 cycles to study the dynamic behaviour of low plasticity cohesive
soil under undrained conditions.

4 Results and Discussions

4.1 Effect of Relative Compaction on Compressibility
Behaviour of Chobari Soil

The results of 1D consolidation test at different relative compactions indicated the
reduction in compression index (Cc) with the decrease in void ratio (Table 1). The
Cc values were reduced from 0.182 to 0.054 with increasing relative compaction
values from 65 to 100% (Fig. 1). Analogous response was observed for void ratio
versus log (σ ′) curve, as shown in Fig. 2. The decrease in area of consolidation curve
was observed with increasing initial dry density of specimens, which exhibited the
reduction in the magnitude of settlement with advancement in closer packing of
particles.

Fig. 1 Variation of compression index (Cc) with different relative compactions
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Fig. 2 Consolidation curves of Chobari soil at different relative compactions

4.2 Effect of Relative Compaction on Dynamic Behaviour
of Chobari Soil

Hysteresis Response and Pore Pressure Evolution

The hysteresis response of Chobari dam soil at different relative compactions is
shown in Fig. 3. All the cyclic triaxial tests were performed up to 250 loading cycles,
but only 10 hysteresis loops (10 loading cycles) were shown to analyse the effect

Fig. 3 Hysteresis behaviour of Chobari soil at different relative compactions
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Fig. 4 Pore water pressure ratio (ru) of Chobari soil at different relative compactions

of relative compaction on dynamic behaviour of Chobari soil. It was observed that
the hysteresis loop of each cyclic triaxial test progressed downward as the number
of cycles increased, which depicted the stiffness degradation of soil. The inclination
of hysteresis loop with horizontal axis (rotation angle) increased with the increase
in relative compaction of soil. The increased densification and lower void ratio at
higher relative compaction were observed due to better contact forces among soil
particles, which led to higher load carrying capacity of dense specimens (higher
relative compaction) at same strain levels as compared to others. Figure 4 presents
the pore water pressure response in terms of ru, which is the ratio of pore water
pressure generated to the pre-shear effective confining pressure. The pore water
pressure generated for 100% relative compaction was observed to be lower than
other relative compaction due to the closed particle packing and less available void
space to compress the particles further. Other than 100% RC, the specimens showed
negligible variation in ru value and displayed similar trend. The ru valuewas observed
to increase with number of loading cycles significantly till 100 cycles for all the
specimens. The response got stabilized after 100 loading cycles for all the specimens
with different relative compactions. The maximum ru value for different relative
compactions is presented in Table 1.

Dynamic Properties

Dynamic properties such as shear modulus (G) and damping ratio (D) were obtained
at 1, 2, 3, 4, 5, 10, 20, 40, 60, 80, 100, 120, 140, 160, 180, 200, 230 and 250 loading
cycles. Shear modulus of soil was calculated from dynamic Young’s modulus (Edyn)
and Poisson’s ratio as per the suggestions of Fahoum et al. [9] and Delfosse-Ribay
et al. [7]. Equation (1) was used to evaluate the dynamic Young’s modulus.
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Edyn = σd1 + σd2

εd1 + εd2
(1)

where σ d1 =maximum cyclic deviatoric stress and σ d2 =minimum cyclic deviatoric
stress as shown in Fig. 5; εd1 and εd2 = axial strains corresponding to σ d1 and σ d2,

respectively. Shear modulus (G) was determined using Eq. (2):

G = Edyn

2(1 + μ)
(2)

Poisson’s ratio (μ) was taken as 0.5 for saturated undrained conditions. Damping
ratio (D) was defined as the amount of energy dissipated due to cyclic loading [17]
and it was obtained using Eq. (3):

D(%) = Area of hysterisis loop

2π(Area of�aob + Area of�cod)
× 100 (3)

Area of hysteresis loop represented the dissipated strain energy, and area enclosed
by �aob and �cod represented the applied elastic strain energy. The calculated
values of shear modulus (G) and damping ratio (D) from above equations with
number of loading cycles are shown in Figs. 6 and 7, respectively.

Shear modulus of Chobari dam soil was observed to decrease with the increase
in loading cycles due to the large plastic deformation at higher number of cycles,
generated by breakdown of inter-particle structure and bond. Shear modulus was also
observed to be increased from 10.8 to 21.5MPawith rise in relative compaction from

Fig. 5 Typical hysteresis loop for cyclic loading
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Fig. 6 Variation in shear modulus (G) of Chobari soil at different relative compactions

Fig. 7 Variation in damping of Chobari soil at different relative compactions

65 to 100%. The large particle contact points and stronger bonds were responsible for
higher shear modulus values for higher relative compaction specimens. The prelim-
inary degradation of shear modulus was observed to be quick due to the particle
deterioration in the preliminary cycles, and further, the decay rate was stabilized.

The values of shear modulus and damping at first cycle of dynamic triaxial test
are shown in Table 1. The variation in the value of damping ratio for first cycle was
observed to be insignificant till 80% relative compaction (RC), which later decreased
rapidly for 100%RC (densest packing). This behaviour could be due to the restriction
in the movement of particles in denser packing. The lowest damping ratio of 39.2%
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was observed for 100% RC in the first cycle. Damping ratio decreased significantly
in first few cycles giving analogous results with the shear modulus in preliminary
cycles.

Cyclic Stiffness Degradation Index

Influence of load repetition on shear modulus of soil was determined by evaluating
cyclic degradation index (δ). Cyclic degradation index (δ) represents the intensity
of stiffness degradation of saturated soil under cyclic loading conditions. Cyclic
degradation index (δ) is defined as the ratio of shear modulus at N th cycle (GN ) to
that of the first cycle (G1), as mentioned in Eq. (4) described by Kramer [15] and
Boulanger et al. [3]:

δ = GN

G1
(4)

Cyclic degradation index (δ) decreased as the RC increased from 100 to 80%,
which was further observed to be increased again as RC decreased to 65% (Fig. 8).
The decrease in δ was obtained to be significant from 100 to 80% RC. However, the
reverse increment in δ was not prominent from 80% RC to 65% RC specimens. The
cyclic degradation indexwas observed to be lowest for densest specimen (100%RC).
Cyclic degradation parameter (t) is an another important parameter which indicates
the rate of stiffness degradation. It was calculated as per Eq. (5) proposed by Idriss
et al. [12]. The slope of δ-log N lines defines the degradation parameter (t).

t = − log(δ)

log(N )
(5)

Fig. 8 Variation in cyclic degradation index of Chobari soil at different relative compactions
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where δ = cyclic degradation index, and N = number of cycles. The cyclic degra-
dation parameter (t) was evaluated for each loading cycle and an average value for
all the cycles was determined (Table 1). The cyclic degradation parameter (t) was
obtained to be increased from minimum of 0.08 to maximum of 0.22 for RC values
varying from 100 to 80%. This indicated that the rate of stiffness degradation for
dense specimenwas less as compared to that of loose specimens. The reason could be
the deferred particle structure breakdown and plastic deformation in dense specimens
as compared to loose specimens.

5 Conclusions

A series of cyclic triaxial tests and 1D consolidation tests were performed to evaluate
the effect of relative compaction (RC) on compressibility and dynamic behaviour of
Chobari soil. The results were analysed in terms of compressibility index (Cc), shear
modulus (G), damping ratio (D), cyclic degradation index (δ) and cyclic degradation
parameter (t). The major conclusions of the present study are as follows:

• Compression index (Cc) significantly reduced with increasing RC.
• Hysteresis loops were observed to be shifted in upward direction and attained

higher rotation angle as relative compaction increased. Pore pressure evolution
increased with increase in RC during cyclic loading.

• Maximum shear modulus was obtained for 100% RC specimen and it decreased
continuously with reduction in RC. Damping ratio was found to be reduced with
increase in RC.

• The amplitude and rate of stiffness degradation of dense specimens (i.e. RC =
85, 90 and 100%) were observed to be lower as compared to loose specimens.
After 80% RC, the soil behaviour reversed and cyclic degradation parameter (t)
was found to be decreased to 65% RC.
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Stress–Strain Behavior of Non-liquefied
Soil and Liquefied Soil

Arup Bhattacharjee, Begum Emte Ajom, and Partha Pratim Baruah

Abstract The development of high pore pressure in loose soil during the earthquake
often liquefies the soil. Liquefied soils have the potential to undergo extremely large
deformation. These large deformations are associated with strains that are induced
in the liquefied ground. Therefore, it is necessary to know the behavior of the soil
during as well as after the liquefaction to estimate large displacements of ground or
the settlement of structures due to liquefaction. Finite element models can be used to
depict the behavior of the liquefied soil. In this paper, the stress–strain relationships of
soil undergoing liquefaction have been studied by simulating a finite element model
in OpenSees. A multi-layered single soil column is modeled in 2D and is subjected
to a considered bedrock motion. A bridge site in Golaghat district of Assam (India)
has been selected for this study. The required input parameters for the analysis are
obtained by carrying out standard penetration test (SPT) and laboratory tests of the
soil samples collected from the particular site. From the analysis, it has been found
that most of the layers of the soil column get liquefied under that particular input
motion. Thus, the stress–strain relationships of each layer have been presented and
are compared to distinguish the behavior of liquefied and non-liquefied soil layers.

Keywords Hysteresis curve · Liquefaction · OpenSees · Stress–strain relationship

1 Introduction

Liquefaction had been studied extensively by researchers all around the world right
after twomain significant earthquakes, the 1964 Niigata earthquake and 1964 Alaska
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earthquake. Liquefied soils have the potential to undergo extremely large deforma-
tions. For example, during the 1964 Niigata earthquake and 1983 Nihonkai-Chubu
earthquakes, liquefaction-induced ground displacement reached several meters [1].
These large displacements are associated with strains that are induced in the liquefied
ground on the order of several percent or even larger, as have been observed in model
tests by various researchers [2–4]. In this paper, an attempt has been made to study
the stress–strain relations by developing a finite element model in an open-source
finite element program, OpenSees. The stress–strain relation at a selected bridge site
on a liquefiable soil is being presented and compared with that of virgin soil of same
location.

2 Modeling of Soil Profile

An existing RCC bridge over River Dhansiri on NH-37 located in Golaghat District
of Assam (India) built and opened for traffic in the year 1964 is considered for
this study. The bridge is supported by six numbers of piers and abutments on well
foundation. The depth of each well foundation is 24 m. The standard penetration
test has been carried out in the study area to collect the geotechnical data. The unit
weights, shear wave velocities, etc., obtained from field and laboratory tests are used
as input parameters for the soil model. It is found that the soil stratigraphy of the
bridge site consists of sandy layers over 24 m of depth with a clay layer at a depth of
5m from the surface. The relative densities are obtained using the correlation between
SPT N values and relative density for sandy soils [5]. The bridge site comprises of
medium to loose sand deposits with the ground water table at the surface. The shear
wave velocity is estimated using the correlation with N values for all types of soil
[6]. The bore log of the geotechnical investigation showing different soil properties
is shown in Table 1.

Using the data obtained from the field investigation and laboratory tests, liquefac-
tion analyses are carried out inOpen System for Earthquake Engineering Simulations
(OpenSees) finite-element analysis software framework.

A multi-layered single column of soil is modeled in 2D and is subjected to an
earthquake excitation at the base. The soil is modeled using nine node quadrilateral
elements and the materials used are Pressure Dependent Multi Yield02 material for
sand and Pressure Independent Multi Yield material for clay. Nine nodded quadri-
lateral elements are able to track displacements of solid, pore-water pressure in the
fluid. Four corner nodes of the element have three degrees of freedom (DoF), three
translational, and one pore pressure (shown in red in Fig. 1). The interior nodes
have two translational DoF (shown in blue in Fig. 1). To represent underlain bedrock
condition, a higher value of density and shearwave velocity, 2500 kg/m3 and 700m/s,
respectively, is assigned to nodes at the bottom of soil column. The Lysmer–Kuhle-
meyer dashpot [7] is incorporated at the base of the soil column using the viscous
uniaxial material and a zero-length element. The dashpot material model is dashpot
coefficient. The dashpot coefficient is the product of the mass density and shear wave
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Table 1 Typical soil borehole and laboratory tests data for the bridge site

Depth
(m)

Soil type Relative
density,
Dr (%)

SPT-N
values

Saturated soil
mass density,
ρsat (kg/m3)

Shear
wave
velocity,
Vs (m/s)

Friction
angle, φ
(°)

Cohesion, c
(kPa)

1 Medium
sand

53 8 1640 178.8 33.5 –

2 Medium
sand

42 6 1500 164.0 32 –

3 Medium
sand

64 13 1810 206.9 35 –

4 Loose
sand

23 2 1440 117.8 31 –

5 Clay – 3 2690 133.1 0 37

6 Medium
sand

52 7 1640 171.8 33.5 –

7 Medium
sand

46 10 1570 191.2 33.5 –

8 Medium
sand

53 8 1590 178.8 33.5 –

9 Medium
sand

49 15 1630 216.1 33.5 –

10 Loose
sand

28 6 1320 164.0 31 –

11 Medium
sand

36 6 1460 164.0 32 –

12 Medium
sand

45 10 1610 191.3 32 –

13 Medium
sand

37 8 1520 178.8 32 –

14 Medium
sand

41 9 1550 185.3 32 –

15 Medium
sand

41 10 1540 191.3 32 –

16 Medium
sand

46 18 1580 228.3 33.5 –

17 Medium
sand

46 16 1600 220.3 33.5 –

18 Loose
sand

35 10 1460 191.3 31 –

19 Medium
sand

40 10 1520 191.3 32 –

20 Medium
sand

41 14 1600 211.7 32 –

(continued)
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Table 1 (continued)

Depth
(m)

Soil type Relative
density,
Dr (%)

SPT-N
values

Saturated soil
mass density,
ρsat (kg/m3)

Shear
wave
velocity,
Vs (m/s)

Friction
angle, φ
(°)

Cohesion, c
(kPa)

21 Medium
sand

60 25 1910 252.0 35 –

22 Medium
sand

57 24 1610 248.9 35 –

23 Medium
sand

52 25 1590 252.0 33.5 –

24 Medium
sand

56 29 1820 263.5 35 –

Fig. 1 FEM model of soil layer

velocity of the underlying layer with the area of the base of the soil column [8]. The
input soil parameters are summarized in Table 2.

To perform a 1D free-field analysis, periodic boundary conditions are assumed.
In OpenSees, periodic boundary conditions are achieved by setting a multi-point
constraint between nodes at the same depth from the surface. This multi-point
constraint controls the constrained nodes to have the same horizontal and vertical
displacements at either end of the soil column.
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Table 2 Parameter values for the soil material models

Depth
(m)

Shear
modulus,
G (kPa)

Bulk
modulus,
B (kPa)

Phase
transformation
angle, φPT(°)

Non-negative constants Void
ratio,
e

Contact1 Contact3 Dilate1 Dilate3

1 52,429.88 233,000 25.5 0.045 0.15 0.06 0.15 0.7

2 40,344 220,000 26 0.067 0.23 0.06 0.27 0.77

3 77,481.77 240,000 26 0.028 0.05 0.1 0.05 0.65

4 19,982.65 160,000 31 0.087 0.18 0 0 0.85

5 47,654.99 300,000 – – – – – –

6 48,404.99 233,000 25.5 0.045 0.15 0.06 0.15 0.7

7 57,395.18 233,000 25.5 0.045 0.15 0.06 0.15 0.7

8 50,831.41 233,000 25.5 0.045 0.15 0.06 0.15 0.7

9 76,119.71 233,000 25.5 0.045 0.15 0.06 0.15 0.7

10 35,502.72 160,000 31 0.087 0.18 0 0.18 0.85

11 39,268.16 220,000 26 0.067 0.23 0.06 0.23 0.77

12 58,919.06 220,000 26 0.067 0.23 0.06 0.23 0.77

13 48,593.55 220,000 26 0.067 0.23 0.06 0.23 0.77

14 53,220.94 220,000 26 0.067 0.23 0.06 0.23 0.77

15 56,357.36 220,000 26 0.067 0.23 0.06 0.23 0.77

16 82,351.01 233,000 25.5 0.045 0.15 0.06 0.15 0.7

17 77,651.34 233,000 25.5 0.045 0.15 0.06 0.15 0.7

18 53,429.71 160,000 31 0.087 0.18 0 0.18 0.85

19 55,625.45 220,000 26 0.067 0.23 0.06 0.23 0.77

20 71,707.02 220,000 26 0.067 0.23 0.06 0.23 0.77

21 121,292.6 240,000 26 0.028 0.05 0.1 0.05 0.65

22 99,741.45 240,000 26 0.028 0.05 0.1 0.05 0.65

23 100,971.4 233,000 25.5 0.045 0.15 0.06 0.15 0.7

24 126,366.7 240,000 26 0.028 0.05 0.1 0.05 0.65

After the free-field analysis, seismic analysis of the bridge foundation is carried
out. The well foundation is modeled using the nonlinear beam-column element [9],
which is based on the non-iterative (or iterative) force formulation, and considers
the spread of plasticity along the element. The well foundation is modeled as fiber
section. The uniaxial materials used for modeling the concrete and the reinforcing
steel are designated in OpenSees as Concrete02 [10] and Steel02 [11], respectively.
The input material properties of well foundation are summarized in Table 3. The soil
column is connected to the well foundation with zero-length nonlinear springs which
represent the flexibility of the soil–foundation interface.

Three types of soil–interface springs are used to model the soil–foundation inter-
face: lateral resistance (p-y), skin friction (t-z), and end bearing resistance (q-z). Each
spring is defined by an ultimate resistance (pult, tult, and qult) and the displacement
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Table 3 Calculated p-y, t-z, and q-z soil–interface spring value

Depth (m) pult (kN) y50 (m) tult/qult (kN) z50 (m)

0 0 0.00351 241.340 0.002295

1 46.2346 0.00418 241.340 0.002295

2 115.323 0.01389 192.727 0.002753

3 247.705 0.00542 316.041 0.002187

4 241.611 0.00672 86.1930 0.003364

5 228.938 0.00509 258.579 0.004583

6 491.177 0.00910 229.848 0.002286

7 751.223 0.01193 201.117 0.002497

8 949.747 0.02860 241.340 0.002300

9 1008.44 0.01620 201.117 0.002244

10 983.870 0.01422 114.924 0.003193

11 1275.03 0.01675 143.655 0.002625

12 1639.42 0.01975 160.893 0.002047

13 1789.00 0.01989 155.147 0.002705

14 1977.58 0.01570 189.624 0.002783

15 2795.82 0.02072 189.624 0.002772

16 3228.32 0.04864 201.117 0.002427

17 3640.12 0.03096 201.117 0.002475

18 3695.69 0.02968 143.655 0.002784

19 5445.58 0.02589 195.370 0.004583

20 3893.54 0.01759 189.624 0.002767

21 7158.26 0.03791 287.310 0.002241

22 4930.47 0.02025 28,142.99 0.034000

at which 50% of the ultimate resistance is mobilized (i.e., y50 for p-y and z50 for
the t-z springs) [12]. The values of pult, tult, qult and the corresponding y50and z50
are summarized in Table 3. The schematic of the finite element model developed in
OpenSees with the various well, spring, and soil components is illustrated in Fig. 2.
The stages of simulation of well foundation in liquefied soil are explained at [13].

The Loma Prieta earthquake (1989) motion recorded at station Gilroy No. 1 EW
pertaining to PGA 0.47 g has been selected for the study, and the acceleration time
history is shown in Fig. 3.

3 Strain Variations in Liquefied Soil

The pore pressure ratios (computed as the ratio of excess pore pressure to initial
effective vertical stress) obtained from four corner nodes of each element with depth
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Fig. 2 Schematic representing the finite element model for soil–foundation system

Fig. 3 Acceleration time history of Loma Prieta earthquake, 1989

of the soil layers are shown in Fig. 4a. The pore pressure ratios from 6 to 20 m depth
are equal to 1, indicating zone of liquefaction.

The variation of maximum strain with depth is shown in Fig. 4b. The strain
percentages are more from 6 to 20 m depth indicating the liquefaction of soil. The
layers comprising of loose sand (i.e., at 10 and 18 m depth) are subjected to more
strain than any other layer. The maximum strain variation with depth is determined
for soil coupled with well foundation and is shown in Fig. 4c. No such significant
variation of strains is observed for soil model and soil coupled with well foundation.
The liquefaction of soil is not affected by thewell foundation of the bridge constructed
long back.
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Fig. 4 aVariationof pore pressure ratiowith depth,bvariationofmaximumstrain of soil, c variation
of maximum strain of soil coupled with well foundation

Figure 5 shows stress–strain variation of soil. The stress–strain curves are plotted
in two different colors to distinguish between the liquefied layers and non-liquefied
layers. Stress–strain curves for liquefied layers are in red and non-liquefied in blue.
The stress–strain plot of non-liquefied soil, i.e., 3, 4, and 5m, is closed having similar
hysteresis loop with low value of strain. It is also true for bottom non-liquefied soil
layers, i.e., 21, 23, and 24 m. The hysteresis loops are also formed in liquefied zone,
but the amounts of strains produced are much higher than that of non-liquefied zone.
The hysteresis loops of liquefied soil, i.e., 13, 14, and 15 m depth, are flatter with
almost zero stress with large amount of strain.

Figure 6 shows the stress–strain variation of soil (in red color) and liquefied
soil coupled with well foundation (in blue color) for soil at 13, 14, and 15 m. The
hysteresis loop of soil is flatter with almost zero stress and large strain. There is no
such significant variation of strain of soil, and soil coupled with well foundation is
observed. There is not much alteration of stress–strain behavior of liquefied soil and
liquefied soil with well foundation.

4 Conclusions

This paper highlights stress–strain variation of soil during liquefaction. The strain in
the liquefied layer is much higher than that of non-liquefied layer. The stress–strain
hysteresis of liquefied layers of soil is flatter indicating more strain with negligible
stress during liquefaction, while that of non-liquefied layers is low strain with higher
amount of stress. The well foundations do not have much effect on liquefaction of
soil. The strain levels during liquefaction are almost similar to that of liquefied soil
without well foundation.
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Depth 4 m Depth 5 m

Depth 13 m Depth 14 m Depth 15 m

Depth 21 m Depth 23 m Depth 24 m

Depth 3 m

Fig. 5 Stress–strain variation of non-liquefied and liquefied soil
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Depth 13 m Depth 14 m Depth 15 m

Depth 13 m Depth 14 m Depth 15 m

Fig. 6 Stress–strain variation of liquefied soil (in red color) and liquefied soil coupled with well
foundation (in blue color)
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with Recycled High Impact Polystyrene
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Surya Muthukumar, Jagath Bhogadi, Saisudheerreddy Bogathi,
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Priyadarshini Vijayakumar, and Nivetha Jagadeesan

Abstract This study focuses on the improvement of dynamic properties of sand
with the addition of recycled high impact polystyrene (HIPS) which is an e-waste.
It is a cost-effective plastic material processed from tough polystyrene resins which
have high impact resistance and dimensional stability. It has a wide application in
the manufacturing of low-strength structural components, machined prototypes and
computer components. Hence, it results in a large amount of e-waste after disposal.
Due to its toughness and impact resistance, it can be used along with sand to improve
its strength parameters. The effect on static and dynamic strength of sand for various
proportions of recycled HIPS is studied. Dynamic properties like the coefficient of
uniform and nonuniform elastic compression and shear values are the input parame-
ters to predict the ground response. Those parameters were identified from the labo-
ratory tests. The bearing capacity of reinforced and unreinforced sand was obtained
from plate load tests. The cyclic plate load tests were done, and it is found that there
is an increase in the values of the coefficient of uniform elastic compression and
shear modulus. The dynamic properties for reinforced and unreinforced sand were
obtained, analyzed, and compared.

Keywords Dynamic properties · High impact polystyrene (HIPS) · Shear
modulus · Reinforced sand · Cyclic plate load

1 Introduction

Geotechnical structures subjected to dynamic stresses produced by earthquake,
machine vibration or vehicular load require dynamic analysis to assess their responses
and tomitigate the risks [1].Machine foundation shouldwithstand static and dynamic
loads. The foundation will be designed heavy in comparison with the self-weight of
the machine to withstand the dynamic load. The dynamic load with small magnitude

S. Muthukumar (B) · J. Bhogadi · S. Bogathi · A. Kunappareddy · R. Jesuraj · V. Babu ·
P. Vijayakumar · N. Jagadeesan
Department of Civil Engineering, Amrita School of Engineering, Amrita Vishwa Vidyapeetham,
Coimbatore, India
e-mail: m_surya@cb.amrita.edu

© The Author(s), under exclusive license to Springer Nature Singapore Pte Ltd. 2021
T. G. Sitharam et al. (eds.), Soil Dynamics, Lecture Notes in Civil Engineering 119,
https://doi.org/10.1007/978-981-33-4001-5_13

133

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-33-4001-5_13&domain=pdf
mailto:m_surya@cb.amrita.edu
https://doi.org/10.1007/978-981-33-4001-5_13


134 S. Muthukumar et al.

that acts repeatedly over a large period of time causes continuous deformation of the
supporting soil. To withstand this effect, the soil should behave elastically [11]. To
minimize the deformation, soil is reinforced by several methods.

Geosynthetic reinforced soil used for construction of footings over soft soil, slope
stabilization and road construction provide ease in construction, reduction in cost and
improved performance [10]. EPSbeads, shredded tirewaste, rubber chips and crumbs
can be used along with the fill material as soil reinforcement [4, 5]. These lightweight
fillmaterials have awide range of applications as it reduces the overburden and lateral
earth pressure. It reduces the effect of the driving forces and increases the stability of
slopes and thus acts as a seismic buffer to relieve the seismic forces [5]. Soil under
pavement will be subjected to cyclic loading due to the vehicle passes. The soil is
mixed with granular rubbers that showed a reduction in the plastic deformations
and an increase in the resilient displacements [10]. Cohesive soil treated with lime
showed an improved dynamic property. Increase in lime content increases the shear
modulus and decreases the damping [2].

Due to the rapid growth in the development of technology, the development of
e-waste has increased in multiple folds. More than 30 million tons of e-wastes are
produced every year in India. It is then collected and recycled by some companies.
It consists of chemical components such as lead, mercury and beryllium and plastics
such as polystyrene. An attempt has been made to enhance the dynamic property of
soil by adding polystyrene. It has a complex structure which can absorb the seismic
energy. High impact polystyrene (HIPS) which is an e-waste is a polymeric matrix
mostly in pellet form [7]. It is a non-biodegradable plastic waste which can withstand
high temperature and take up high impact loads [6]. It has very low density and high
compressibility and possesses good flexural and rupture strength in shear [5]. HIPS
increases the energy dissipation capacity. In concrete, the inclusion of HIPS as partial
replacement of fine aggregate showed reduction in bulk density and dynamicmodulus
of elasticity [13].

The analysis of soil engineering problem involving dynamic loads requires the
identification of two significant parameters, the shear modulus and the damping ratio
[2]. Dynamic properties of soil depend on parameters like void ratio, confining pres-
sure, plasticity, strain amplitude andmorphology [3]. Tire rubber and synthetic fibers
are found to increase the damping ratio [1]. Scrap tire, rubber fibers, polyethylene
and polypropylene fibers are used in soil to improve the dynamic behavior of soil
[1]. The inclusion of geogrid reinforcement in soil decreases the total settlement and
the coefficient of elastic uniform compression [9].

Dynamic soil properties such as coefficient of elastic uniform compression, shear
and nonuniform compression, shear can be calculated from the applied load and
the elastic rebound of the soil [12]. Cu is the important parameter in the design of
machine foundation which is assessed by the cyclic load test [11].

Coefficient of elastic uniform compression, Cu = P/Se.
The correlations of the dynamic properties [12] were given as
Coefficient of elastic uniform shear, Cτ = Cu/1.75.
Coefficient of elastic nonuniform compression, Cϕ = 3.46 Cτ .

Coefficient of elastic nonuniform shear, Cψ = 1.5 Cτ .
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The main objective of this research is to investigate the improvement of strength
parameters and dynamic behavior of sand due to the inclusion of HIPS. The behavior
of sand HIPS mixture under the cyclic loads is studied. The experimental program
consists of plate load and cyclic plate load test.

2 Materials

2.1 Hips

High impact polystyrenewas procured fromCoimbatore as shown in Fig. 1. It is an e-
waste and available in plenty. It is a low-cost tough plastic that is easy to thermoform
and fabricate. HIPS is often specified for low-strength structural application. It is used
where foundations and structures are prone to higher vibrations. It can also be used in
different proportions for various materials in backfills, foundations, footpaths, roads,
etc. The general physical properties of HIPS [7] are listed in Table 1.

Fig. 1 High impact
polystyrene

Table 1 Properties of HIPS Properties Value

Tensile strength (kg/ cm2) 310

Tensile elongation at break (%) 40

Specific gravity 1.04

Heat distortion temperature °C 85
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2.2 Sand

The fine aggregate used in this study is river sand and classified as poorly graded
sand (SP) from the graph shown in Fig. 2. The various properties of the sand are
identified by laboratory tests which are listed in Table 2.
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Fig. 2 Grain size distribution of soil

Table 2 Properties of sand Properties Value

Specific gravity 2.62

Effective size (mm), D10 0.35

Uniformity coefficient Cu 2.457

Coefficient of curvature Cc 0.830

Soil classification Poorly graded sand (SP)

Bulk density (kN/m3) 1.51

Angle of internal friction, ϕ (°) 38
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3 Laboratory Tests

3.1 Relative Density

Relative density test is carried out on a 100× 100 cm vibrating table. A standard with
guide sleeves is filled with sand and is assembled on the vibrating table. Surcharge
weight is applied on the sand, and the vibrating table is set to vibrate at 3600 rpm for
8 min. The sand gets compacted, and the volume has decreased. With known new
volume and weight, relative density of the sand can be calculated.

3.2 Direct Shear Tests

The shear strength of the sand sample is tested using direct shear test according to
IS 2720 Part 8-1972. A shear box of 60 mm × 60 mm in plan and 40 mm in depth
is used in the tests. The soil sample is taken in the targeted relative density, and the
volume is calculated. The known volume of sand is mixed with the HIPS in various
percentages. The mixture is poured from a constant height in layers and compacted
using square base tamping rod until it fills the shear box fully. The box is placed in
the apparatus and displacement is applied at the rate of 1.20 mm/min. The shearing
force, horizontal and vertical displacements were measured until failure. The sample
is sheared till failure is reached or till a lateral movement of 20% of the length is
obtained. Then, the angle of internal friction is found out.

3.3 Plate Load Test

The laboratory model footing tests are conducted on the tank assembled with the
loading frame. The tank of size 500 mm × 500 mm × 500 mm is made up of thick
steel plates and Perspex sheet on the front side. The square steel footing used in this
study is of dimensions 100 mm side and 10 mm thickness. The size of the testing
tank should be greater than or equal to five times the size of the footing plate [8].

The load is applied directly with a constant rate of loading, and the respective
settlement is obtained. The bearing capacity is calculated by observing the load
applied when the maximum 50 mm settlement occurs.

3.4 Cyclic Plate Load Test

The test is performed as per IS 5249-1992. The laboratory model footing tests are
conducted on the tank assembledwith the loading frame. The cyclic loading is applied
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at a constant rate from 0 to a value of load, and settlement occurred is noted. Later
unloading will be done for which the rebound settlement is noted. From the cyclic
plate load test, the elastic settlement of the footing for unreinforced and reinforced
sand is found to be linearly varying with the applied load.

4 Laboratory Model Tests

4.1 Testing Procedure

To evaluate the optimum content of HIPS in sand, a series of direct shear tests
are conducted. The optimum percentage is mixed with sand to identify the bearing
capacity and coefficient of elastic uniform compression under the cyclic loading.

The load is applied by a hydraulic jack imposed by a manually operated pump on
the model test tank. The settlement of the footing plate was measured through two
linear dial gauges at the diagonal ends.

Laboratory model footing tests were conducted to find the cyclic load resistance
of the reinforced sand with HIPS. The reinforced sand bed was prepared by rain-
fall method to maintain the relative density to 70%. The cyclic plate load test was
conducted on the prepared sand bed with and without HIPS. The load is applied in
cyclic method to obtain the elastic settlement. A predetermined vertical load incre-
ment is applied until the settlement becomes negligible. The settlement is measured
using dial gauges. The applied load is released to zero, and the elastic rebound settle-
ment of the footing plate is recorded. The test is continued for many cycles of loads
until the sand bed shows large settlement values.

From the applied pressure settlement curve, the elastic rebound value is calculated
for each cycle using the equation [9],

Elastic settlement Se = S − Sr

where
S—total settlement.
Sr—residual settlement.

5 Results

5.1 Improvement in the Angle of Internal Friction

The angle of internal friction increases with addition of high impact polystyrene. The
HIPS is added in sand in 2, 5, 6, 7 and 8% by weight. Initially, the angle of internal
friction increases up to 5% which is the optimum content and then reduces as shown
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Fig. 3 Variation of the angle of friction at different percentages of HIPS

in graph (Fig. 3). So in the direct shear test, the optimum percentage to be considered
is 5% and the angle of internal friction was found to be 46°.

5.2 Improvement in Bearing Capacity

The incorporation of HIPS at optimum content of 5% in soil has shown an improve-
ment between the applied pressure and settlement behavior of soil. The results of the
plate load tests are discussed. The bearing capacity of the unreinforced soil is found
to be 185 kN/m2 as shown in graph (Fig. 4). The improved bearing capacity after the
inclusion of HIPS is found as 240 kN/m2 as shown in graph (Fig. 5).

5.3 Improvement in Dynamic Property of Sand with HIPS

Cyclic plate load test is performedon the unreinforced sand to calculate the coefficient
of elastic uniform compression. From the known bearing capacity value, the load is
divided and applied into certain values and releases to zero to measure the elastic
settlement. The cyclic plate load test is conducted until the settlement of the soil
reaches 50 mm as shown in Fig. 6.

A graph is drawn between the applied pressure and elastic settlement as shown in
Fig. 7. The slope of the line which corresponds to the coefficient of elastic uniform
compression is found as 1.33 × 105 kN/m3.
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The cyclic plate load test is repeated for the sand mixed with optimum percentage
of HIPS and filled at 70% relative density by height of fall method in the model
tank. From the cyclic plate load test, a graph is drawn between the applied pressure
and settlement as shown in Fig. 8. The elastic settlement is calculated for each load
value and graph is drawn between elastic settlement and applied pressure as shown
in Fig. 9. The slope of the line which corresponds to the coefficient of elastic uniform
compression of the reinforced sand with HIPS is found as 2.35 × 105 kN/m3.

It can be clearly seen that the coefficient of elastic uniform compression increased
significantly with the inclusion of HIPS. The addition of 5% of HIPS in sand showed
an increase in the bearing capacity; above that, the improvement was insignificant
due to the reduction in the frictional resistance. The inclusion of HIPS improves the
internal frictional resistance only up to the optimum value. The increase in density
of soil also influences the Cu as reported by Vantamuri et al. [12]. Slope of that line
is higher for the reinforced than the unreinforced. The damping capacity is higher
for the reinforced sand [9].

The improved bearing capacity and dynamic properties are due to the particle
heterogeneity that allows the tensile strength to be carried between the soil particles
and HIPS.

The sand–HIPS mixture absorbs more energy than the unreinforced sand. Hence,
it reduces the settlement and reduction of stresses in static and dynamic state; the
percentage improvement in the dynamic properties is shown in Table 3.

6 Conclusions

A series of laboratory tests were conducted to identify the optimum percentage of
HIPS in sand for the improvement of shear strength and its effect on the enhancement
of its dynamic properties. The inclusion of HIPS in sand has a significant impact on
its static and dynamic properties.

The following conclusions are drawn from the study:
HIPS is replaced in various proportions (2, 5, 6, 7, 8%) with sand. The angle of

internal friction is found to be 38° for unreinforced sand, and the maximum angle of
internal friction is 46° for a replacement of 5%.

An improvement of 29.73% in the bearing capacity is observed when an optimum
percentage of HIPS is added in the sand.

For the 5% replacement of HIPS in sand, the coefficient of elastic uniform
compression has increased to 76.69%.

The overall improvement of the dynamic property of the sand reinforced with
HIPS is found to be 76%.
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Table 3 Dynamic properties of unreinforced and reinforced sand

Properties Unreinforced sand
(kN/m3)

Reinforced sand
(kN/m3)

Percentage
improvement (%)

Coefficient of elastic
uniform compression

1.33 × 105 2.35 × 105 76.69

Coefficient of elastic
uniform shear

0.76 × 105 1.34 × 105 76.31

Coefficient of elastic
nonuniform compression

2.63 × 105 4.64 × 105 76.42

Coefficient of elastic
nonuniform shear

1.14 × 105 2.01 × 105 76.31
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A Comparative Case Study on Various
Admixtures Used for Soil Stabilization

Ankush Baranwal, Ajay Yadav, and Sneha Gupta

Abstract Soil stabilization is a technique in which we alter the soil to enhance the
properties by using thermal, electrical,mechanical and chemical processes.However,
the thermal and electrical processes of soil stabilization are rarely used. Nowadays,
the chemical process of soil stabilization is in much use. In this, some known admix-
tures like rice husk, plasticwaste, vetiver grass, fly ash, lime, etc., are used that change
the physical and chemical properties of soil and make it more suitable for which the
same is done. This review paper discusses the importance and scope of recent trends
in soil stabilization. This paper also seeks to investigate various existing methods
of soil stabilization and also presents a comparative case study of soil stabilization
techniques using rice husk, fly ash and vetiver grass. The reviewer has examined the
most suitable admixture among these and henceforth provided excellent quality of
stabilized soil. Research and findings of this paper based on experiments like Atter-
berg limit, Proctor compaction test, California Bearing Ratio (C.B.R.) test, uncon-
fined compressive strength test shear strength, etc., will help engineers to choose
the best method to stabilize soil for various construction purposes. It is investigated
that fly ash is the best admixture for soil stabilization under the consideration of cost
optimization. Also, soil stabilization of black cotton soil with rice husk is best for
the rice-producing region where rice hush ash (R.H.A.) is available at a low cost.
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1 Introduction

Soil is the essential requirement for building any structure like highway construction,
the foundation of a multi-storey building and tower, etc. There are many types of
soil present in our surrounding but in that more area is covered with BC soil (black
cotton soil or expansive soil) which shows swelling and shrinkage characteristics due
to variation in moisture content because of the presence of montmorillonite group
in much quantity which makes the soil unstable, and for that, soil to stabilized. The
stability, serviceability and economy of the structure considerably influence with the
characteristics of the subsoil of the project site. Among the various soil types present
in our surrounding, some are called problematic soil, which does not allow to sustain
any structure on it due to low bearing capacity, high swelling and shrinkage property,
minimum durability, etc. [1]. It was found that almost 21% of the Indian landmass is
occupied with BC soil or expansive soil, which is not suitable for such purpose [2].

The complete process involving the transformation of these problematic soil into
problem-free soil is termed as soil stabilization, and the stabilizer or admixture by
which this gets to achieve is known as a stabilizing agent (Table 1).

This study is organized as follows: Sect. 2, soil stabilization; Sect. 3, components
of soil stabilization; Sect. 4, review.

Table 1 State-wise distribution of black soils in India. Source [3]
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2 Soil Stabilization

Soil stabilization is a technique inwhichwe alter the soil to enhance their physical and
chemical properties by using some known admixtures like rice husk, plastic wastes,
vetiver grass, to make it more suitable for construction purposes. By enhancing the
properties of soil like boost up in strength and bearing capacity to control the free
swelling and shrinkage characteristics caused by water content variation, increment
in resistance to erosion and to reduce the pavement thickness in road construction
[1]. The soil stabilization can be derived from thermal, electrical, mechanical and
chemical processes in which the thermal and electrical processes of soil stabilization
are rarely used [4]. It can be done in mainly two ways:

SOIL STABILIZATION

Mechanical        
Process

Chemical
Process

• It is particularly effective for cohesionless soil 
and mechanical energy will responsible for the 
rearrangement of particle and it's 
interlocking .[5]

• In this soil, stabilization can be done through 
the physical process by changing the corporeal 
nature of native soil either by inducing 
vibration or compaction.

• This can be done by reinforcing the soil, by 
compaction and by mechanical remediation [6].

NOTE: Mechanical stabilization is not the main 
aim of this review and will not be further discussed 
but somehow, we restrict our discussion up to soil 
reinforcement.

• In this, soil stabilization can be done by adding 
stabilizing agents (cementaneous material) or 
admixture. Hence, chemical reactions take 
place between Virgin soil and stabilizing agent 
aftermath change its behaviour i.e. from 
problematic to problem free. 

• It can be achieved with the help of admixtures 
like fly ash, Portland cement, Rich husk Ash 
(RHA), lime, Plastic waste, shredded tyre, glass 
dust and bitumen emulsion.

NOTE: Chemical stabilization is the main purpose 
of this review and however, under this, we restrict 
our discussion to two named admixtures i.e. fly ash 
and rice husk. So, this paper completely revolves 
around these two and one vetiver grasses from 
mechanical stabilization and will discuss further.

Nowadays, to tackle the problem of expansive or black cotton soil, chemical
stabilization is more used, and in this, instead of mechanical stabilization due to
number of reasons, some are noted below:

• Eco-friendly: Unsafe disposal will cause breathing problem and diseases like
asthma.

• Economical: The admixtures used for stabilization are mainly by-products and
produced in abundant quantity; that is, it is not too costly.

• Performance: Its performance is also better than mechanical process.
• Availability: It is easily available.
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3 Components of Soil Stabilization

The components of soil stabilization include the native soil or virgin soil and stabi-
lizing agent (binder) which have cementaneous property, and aftermixingwith virgin
soil, it able to enhance the engineering properties of the same and thus make able to
use at construction site.

3.1 Soil

Soils are formed by weathering of rocks that may be physical weathering or may be
chemical weathering. The soil types formed by physical weathering are gravel, sand
and silt. And the soil type formed by chemical weathering is clayey soil. Often soft
soil (clayey soil and organic soil) is undertaken for stabilization to achieve desirable
engineering properties.

Clay is the material whose particle size is less than 2 micron, which swells on
absorbing water into it and shrinks on removal of water. Mineralogical properties
are main the reason for this behaviour. Kaolinite, illite and montmorillonite are the
three main clay minerals, and among the three, kaolinitic clays are considered to be
more stable, montmorillonite soils are more expansive/swelling in nature, and illitic
clays fall in between. BC soil contains montmorillonite in very large amount which
governs its property of swelling and shrinkage. Depending on its application in civil
engineering, different ways of stabilization are employed to give it more strength
(Fig. 1; Table 2).

Fig. 1 Black cotton soil.
Source [7]
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Table 2 Distribution of clay minerals and expansive soil properties. Source [6]

Specific 
gravity •2.75

Soil 
classification •CH

Montmoril
lonite
10% 

Illites
50% 

Kaolinite
25% 

Quartz
15% 

Value(%)

Montmorillonite Illites Kaolinite Quartz

3.2 Fly Ash

Fly ash is a waste material collected from the burning of coal in thermal power
plant. Fly ash is silt-size non-cohesive material which consists of alumina, silica and
iron whose specific gravity is lesser than normal soil. It is produced in huge amount
due to the presence of a large number of thermal power plants across the world.
It is used in many engineering construction applications. Fly ash is economical and
environmentally friendly, and improper disposal of fly ash causes breathing problems
and diseases like asthma [8] (Fig. 2; Table 3).

Fig. 2 Fly ash. Source [10]
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Table 3 Chemical composition of Class C and Class F fly ashes. Source [9]

SiO2 
38% 

Al2O3  
19% Fe2O3

5% 

CaO 
25% 

MgO
5% 

Others*
8% 

Class C fly ash (%) 

SiO2 
60% 

Al2O3  
30% 

Fe2O3
3% 

CaO 
1% 

Others*
6% 

Class F fly ash (%)

3.3 Rice Hush Ash

Rice husk is very worthless and a by-product of rice mill. Almost 60 million tons of
rice husk are produced in India. The husk is not acceptable for the animal as a meal
because of negligible digestible protein content. So, this is used as fuel in thermal
power plants to produce electricity. After that, 20% of the initial mass of husk gets
converted into rice husk ash (RHA) which means 12 million tons, which is a huge
quantity. To value this residue is an alternative to its final attitude with environmental
usefulness. Rice husk ash has no cementing property alone but when gets combined
with some other binders like hydrated lime possesses cementacious property [11,
12] (Fig. 3; Table 4).

Fig. 3 Rich husk ash.
Source [14]
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Table 4 Chemical composition and physical properties of rice husk ash. Source [13]

92% 

5% 

3% 

Chemical composition of Rich Husk Ash 

Silicon dioxide (SiO2) % Other dioxide (%) Loss of ignition (%)

Specific 
Gravity •2.32 

Colour •Whitish grey 

3.4 Vetiver Grass

Vetiver is a perennial bunchgrass of the family “Poaceae”, native to India. It is found
in large amount along the roadside and grows on their own. Stabilization due to this
in soil is kind of mechanical stabilization. This vegetation material not only reduces
soil erosion and runoff but also controls the moisture fluctuations in soil and change
the other parameters of soil provide slope stability to ground [15] (Fig. 4).

4 Review

In this section, researchers reviewed various papers on soil stabilization using fly
ash, rice husk ash and vetiver grass.

Fig. 4 Vetiver grass. Source
[16]
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4.1 Fly Ash

Expansive soil has intense moisture variations because of the montmorillonite group
which absorbs water and is a reason in damaging the lightweight structure. On fly
ash addition in varying % in expensive soil, the unconfined compressive strength
and OMC increase to enhance the engineering properties of soil and make more
suitable to use in construction works. Liquid limit and plastic limit also increased
on the addition of fly ash in varying %. However, liquid limit shows little variation
as compared to the plastic limit [17]. The plasticity index, as well as the free swell
index is reduced because of the increase in the plastic limit [18].

Fly ash has two classes, one is class C and the other is class F; nearly about 24%
and 9% of CaO are present in C and F class fly ashes, respectively. When fly ash is
mixed with native soil along with some water, it shows cementing property without
adding any activators such as lime and cement; it happens due to the presence of
CaO in considerable amount which makes the soil more stable [5].

Moving to the dynamic properties of soil, it was observed that shear modulus of
treated soil (with fly ash) will increase where the damping ratio of the same will
decrease. It was also seen that if we increased the curing period, then the time-
dependent and pozzolanic properties come into action which makes the soil more
rigid [18].

When we add lime in addition to fly ash, it provides much cementing property and
gets more rigid on drying. As the increase in the amount of lime and fly ash, there
is a noticeable reduction in maximum dry density, free swell and swelling capacity
under 50 kPa pressure, and a complementary increase in the percentage of coarse
particles, OMC and CBR values [6]. The use of fly ash in soil stabilization not only
leads to better chances in the engineering properties of the soil but is also the best
answer for safe disposal of fly ash [19].

4.2 Rice Husk Ash

It was noticed that RHAused in stabilization needs some activators like lime, cement,
etc., and in this, more water is required to compact the soil due to the absorption of
water by RHA [20, 21].

It is observed that the addition of rice husk ash with lime in the soil increases its
UCS; it is due to the formation of a pozzolanic reaction that bonds the grains together,
and this reaction is formed when low reactive RHA reacts with lime. The increase in
UCS is up to an optimum value and beyond that, the UCS starts decreasing. And the
higher value of UCS can be achieved by adding a larger amount of RHA and the least
amount of lime in it. In countries where RHA is produced in larger quantities, the
improper disposal of RHA causes environmental impingement; proper disposal of
RHA reduces the environmental pollution and disposal cost; and it is also conserved
as a non-renewable resource [11].
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When residual soil is treated with rice husk ash and ordinary Portland cement, it
reduces the plasticity of residual soil. The unconfined compressive strength (UCS)
of cement-stabilized soil increases with the increment in husk ash; to achieve a given
strength, the cement is mixed in lesser amount with RHA. When cement content
increases, the MDD slightly decreases and OMC increases steeply. The CBR value
increases up to an optimum amount, and beyond that, the CBRvalue starts decreasing
[22].

When clayey soil stabilized with the combination of cement kiln dust (CKD) and
RHA at varying dosages, it is observed that the properties of stabilized soils were
improved. The improvement depends on the type and amount of stabilizer, stabilizer
combinations, and age. CKD-stabilized soil shows self-cementing property, and it
also shows higher strength, elastic modulus, CBR, water resistance, shrinkage values
and lower water absorption sorptivity as compared to the RHA-stabilized soil. The
combination of CKD and RHA produces better improvement in properties and also
shows higher CBR value (>80%) which can be used for making low-cost houses, and
it also promotes sustainable development in the construction of highway subgrade,
building foundation, etc. [23].

4.3 Vetiver Grass

It is observed that the addition of roots of vetiver grass as a root matrix in the soil
increases the OMC and an increase in the UCS was almost double. The water gets
absorbed in the root which increases the weight of root mass, thereby increasing the
shear strength, stability and OMC. The permeability of the soil decreases with the
growth of vetiver root content in the soil; this indicates that the soil becomes denser.
The vetiver roots get degraded after a period of time and converted into humus and
provide more stability to the soil [15].

5 Conclusion

The black cotton soil or expansive soil is much seriously concerned in construction;
due to these anomalous behaviours and damages to the structure, the purpose of this
study was to investigate the usage of admixture in stabilizing the expansive soil. The
following conclusion is studied from the review:

1. Fly ash stabilization enhances the geotechnical properties of soil, shear modulus
will get increased, while liquid limit, plasticity index, free swell index and
damping ratio get reduced.

2. On increasing the curing period, the treated soil (with fly ash) will get more rigid.
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3. A small amount of lime in addition to fly ash makes a considerable increase in
OMC and CBR and an apparent decrease in the MDD and free swell index due
to the function of cationic exchange.

4. The addition of rice husk ash with lime increases the UCS due to the formation
of pozzolanic reaction, and the increase is up to an optimum value; beyond that,
UCS starts decreasing.

5. The addition of RHA with ordinary Portland cement decreases the plasticity and
MDD of the soil but increases the UCS and OMC. The CBR value also increases
up to an optimum amount; beyond that, it decreases.

6. Soil stabilized with CKD and RHA shows improvement in the properties. CKD-
stabilized soil shows self-cementing property and also shows higher strength,
elastic modulus, CBR, water resistance, shrinkage values and lower water
absorption sorptivity

7. Vetiver grass as a root matrix increases the shear strength, stability and OMC of
vetiver soil. After degradation, the vetiver roots are converted into humus and
provide more stability to the soil.

8. Chemical stabilization is better than mechanical stabilization.
9. The fly ash is better stabilizer than rice husk ash.
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Seismic Performance of Cohesionless Soil
Underneath Gravity Dam

Asad H. Aldefae , Mohammed S. Shamkhi, and Thulfiqar Kh. Alhachami

Abstract Earthquake is one of the worst disasters that any geotechnical designer
must keep in their mind during the design steps of any infrastructure. In this paper,
seismic performance (i.e., the dynamic response) of foundation (the soil underneath
gravity dam) is investigated under sinusoidal wave. Three main shaking table models
(1-g) of concrete gravity dam built on a cohesionless soil are tested under 0.7 g
sine waveform. The first test contained a concrete dam model which built on dry
sand (empty case), the second is constructed in case of fully saturated cohesionless
soil (empty also), whereas the last one, the dam is filled with water (i.e., at the
upstream). The principles of physical modeling in geotechnics are used in both
model construction of the concrete dam and the model preparation. The results of
the shaking tests showed that the dynamic response (i.e., the measured acceleration)
at different depths and positions for the soil particularly at the upstream side is
strongly influenced by the water height at the upstream (i.e., H) with less effect in
case of dry soil foundation underneath an empty dam, while it is so clear in case
of the saturated foundation for empty dam. The response for the soil underneath
the dam model is very safe because of the heavyweight of the dam model, and this
was very important finding as this area may contain construction of some significant
structural parts such as the blanket of the dam or cutoffs. The pore water pressure
governed also during the shaking led to liquefaction under the dam model.

Keywords Cohesionless soil · Dynamic response · Shaking table

1 Introduction

Concrete gravity dam is one of the most complex infrastructure projects, which is
constructed and designed in such a way that its ownweight resists the external forces.
Its behavior under earthquake excitation has become a major concern for researchers
because any design error will lead to severe economic problems and significant loss
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of life and equipment. Thus, seismic analysis of dams in seismic active areas is very
important for predicting dam responses to ground motion. There are many studies
that address the seismic performance and the dynamic performance of soil layers
underneath the gravity dam, concerning spreading, amplification and attenuation in
seismic waves [1]. Because of the difficult and complex circumstances surrounding
the physical modeling process problem, little experimental works were conducted in
the development of soil strata behavior under concrete dams. Reference [2] presented
an experimental study on seismic behavior analysis of soil under concrete dam using
two accelerometers. The results have been shown that the variations of acceleration
in the dam with empty reservoir are smaller than the variations of acceleration in
model with full reservoir.

Reference [3] investigated the optimal design of gravity dam and the response of
the soil underneath it when it is exposed to seismic excitations using cohesionless
soil with Dr = 60 and 80% using four accelerometers. The results show that the
acceleration variations differ on the soil layers due to earthquake shaking, depending
on the position of the sensors, and they are very low on the ground due to absorption
of the impact wave of acceleration by the saturated soil particles.

The aim of this study is to investigate the seismic performance and the dynamic
response of cohesionless soil (medium dense state) underneath gravity dam. Two
experimental tests were conducted: (1) dam built on dry and saturated cohesion-
less soil (empty model) and (2) dam with full reservoir water using an earthquake
simulator device, with 0.92 g input motion.

2 Physical Modeling and Design of the Model

The physical modeling in the hydraulic structures and water management project
studies may be classified into linear and nonlinear. A linear model simulates the
behavior of its prototype structure in the linearly elastic response range only. The
tensile and compressive strengths of the materials (i.e., concrete) with associated
failure strains do not have to be scaled. The nonlinear model should simulate the
response of its prototype through failure. Consequently, the stress–strain relation
of the model material should be appropriately scaled from those of the prototype
material. In order to construct a physical model, a process of physical modeling based
on idealizations and simplifications regarding the behavior model of the concrete
dam should be involved. Substantially, the physical model is represented by a scaled
structure with the same shape as the real structure.

In order to get logical and realistic results to be obtained from physical model to
the prototype, mechanical characteristics and geometrical dimensions should be in
certain ratios. If these ratios are achieved with ideal test conditions, the behavior of
the prototype under dynamic loadings can be recognized using the physical quantities
measured on model and the similitude ratios. Due to the difficulty of achieving these
ideal conditions, the physical model will include some simplifications with respect
to the prototype behavior model [4]. In this study, a small scale of concrete dam was
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Fig. 1 Geometric of dam
model

Table 1 Table captions
should be placed above the
tables

Dimensions (cm) Variables

40 H

27 B

36 Hw

14 H1

26 H2

6 Bc

8 Bm

used with certain dimensions, which simulates existing dams in reality proportional
to the size of shacking table machine as shown in Fig. 1 and Table 1.

3 Soil–Structure Interaction

When the soil–structure system imperiled to an earthquake excitation, the soil–struc-
ture interaction (SSI) influences the response of the structure. Generally, the dynamic
response intensity of a structure depends on the soil–foundation system, the char-
acteristics of the ground motion and the dynamic properties of the structure. The
state of deformation (i.e., accelerations, velocities particle and displacements) in the
supporting soil is different from that in the free [5].

When the structure is stiff and massive (i.e., gravity dam), the SSI plays a critical
role in the dynamic response of the structure. On the other hand, the effect of SSI is
negligible in case of the soil is very dense and rigid and if the structure is flexible,
such as moment-resisting frames supported on stiff soil [6]. Commonly, the SSI
has two main effects on structural response: (1) The SSI system has an increasing
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number of degrees of freedom and thus modification of dynamic characteristics, and
(2) a large part of the vibration energy of a SSI system can be dissipated either by
radiation waves, emitted from the vibrating foundation–structure system back into
the soil, or by hysteretic material damping in the soil [7]. Finally, SSI effects can
lead to an increased structural response in specific seismic and soil environments,
depending on the design response spectrum for the site.

4 Foundation Properties

The foundation of the physical model was cohesionless soil (i.e., sand) with a golden
yellow appearance. The specifications of this sand are similar to the HST95 silica
sand. First, the sand was dried in the oven for 24 h. After that, it was sieved in #10 in
order to prevent the passage of large particles. The prepared sand was poorly graded
sand with clay (SP-SC) according to USCS. The fundamental physical properties
were identified in the laboratory in order to make a comparison with the properties of
HST95 silica sand andHST50Ottawa sand as shown in Fig. 2 which were commonly
used in the University of Dundee [1, 8]. The physical properties of the sand used as
well as the properties of both HST95 and HST50 silica sand and Ottawa sand are
shown in Table 2 and Fig. 2.

In the physicalmodel process, the soil specimenmust be reconstituted to its natural
state. Same procedure that was presented in the model preparation is followed by
Humaish et al. [9]. As a result, the air pluviation technique was used to get the
same specifications, density characteristics and the behavior of cohesionless soils
that will be used as a foundation for the dam model. This technique is distinguished
easily during the instruments installation, easy of model preparation and can achieve
uniform soil layers (Fig. 3).

In this study, the relative density ofDr = 55% (i.e., medium dense soil) was used,
based on 1.1 m container height and 3.5 mm slot size. This density was compared
with both [1, 10] as shown in Fig. 4.

Fig. 2 Grain size
distribution of used sand
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Table 2 Physical properties of used sand

The property This sand HST95 silica sand Ottawa sand

Specific gravity, Gy 2.67 2.63 2.64

Shape Rounded Rounded Rounded

Mean particle size, D50 0.28 0.15 0.32

Coefficient of uniformity, Cu 2.85 1.9 1.68

Coefficient of gradation, Cz 1.32 0.95 1.08

Minimum dry unit weight, γ
d min

(
kN
m3

) 14.8 14.7 14.9

Maximum dry unit weight, γ
d max

(
kN
m3

) 19.1 19.2 19.5

Fig. 3 Mechanical air
pluviator machine

Fig. 4 Slot size correlation
with relative density

5 The Input Motion

Thedynamic response of themodelwas carried out by applying a specific strong input
motion which has peak ground acceleration up to 0.86 g with 10 s duration. Figure 5
describes the input motion in time and frequency domain with 1.6 Hz predominant
frequency.
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Fig. 5 Input motion in; a time domain and b frequency domain

Three types of tests were performed: (1) in case of the empty reservoir (dry
cohesionless soil), (2) in case of the empty reservoir (saturated cohesionless soil)
and (3) dam filled with water as shown in Figs. 6, 7 and 8. The acceleration reading
was determined using ACC-ADXL78, which is characterized by: (1) small size,
available in a 5 mm × 5 mm × 2 mm dimensions, and this gives maneuvering in
using in the soil layers; (2) low power consumption (1.3 mA); and (3) high linearity
(0.2% of full scale).

Fig. 6 Shaking tablemodel layoutwith instruments, all dimensions in cm (in case of empty reservoir
and dry soil)
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Fig. 7 Shaking tablemodel layoutwith instruments, all dimensions in cm (in case of empty reservoir
and saturated soil)

Fig. 8 Shaking tablemodel layout with instruments, all dimensions in cm (in case filled with water)

6 Results and Discussion

6.1 Acceleration Response and Spectral Acceleration (Test 1)

The dynamic response of the dam foundation system is estimated from the measured
acceleration for the soil layers. Figure 9 shows how the soil layers behave under
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Fig. 9 Acceleration response of the dam foundation system

Fig. 10 Effect of shaking on the acceleration response spectra (5% structural damping)

dynamic motion. The response for the dam foundation (Acc. 2) was about 1.53,
and this value gave an amplification factor which is equal to 1.66. The results were
consistent with the fact that the seismic motion was amplified as it moved from the
rock bed to the surface of the earth [1, 11].

The acceleration response spectra performed depending on the elastic design
response spectrum from Euro code 8 [12] and design of structures for earthquake
resistance (Part 1: General rules, seismic actions and rules for buildings) as shown
in Fig. 10. The spectral acceleration is greatly affected by the magnitude of the
acceleration, and there is an amplitude ranging from T = 0.1 to T = 0.35. Also, the
spectral design for EC depends on the natural period (i.e., the amplification factor
(S) increases to 1.7) during the low period interval (T = 0.15 s) and reducing back
after (T = 0.15 s).

6.2 Acceleration Response and Spectral Acceleration (Test 2)

The acceleration measurement when the soil is fully saturated is shown in Fig. 11,
which varies from the dry soil (i.e., Test 1). There is a reduction in the reading of
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Fig. 11 Time acceleration of Test 2

Acc.2 (which is equal to 1.05 g) which is contrary with the amplification observed
in the dry model.

There is attenuation occurring due to saturated soil particles that absorb the accel-
eration wave. Also, it was observed that the acceleration reading of the acceleration
sensor below the dam model (Acc.3) was a low value (g = 0.5) which is equivalent
to about 45% of the amplitude of the input motion (i.e., g = 0.82).

The significant attenuation occurred due to the heavyweight of the concrete
dam model, which prevents the soil layers underneath the dam from amplification
compared with ACC2. The acceleration response spectrum for the empty saturated
model is shown in Fig. 12. The effective period that must be taken into account in
saturated soil is varied from 0.2 s (5 Hz) and 0.04 s (25 Hz). Also, it can be seen that
the response of the accelerometer which is located close to the dam foundation (i.e.,

Fig. 12 Acceleration
response spectra for Test 2
(empty saturated dam model)
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Acc.3) has not been much exited. This is due to the periodic stress resulting from
the shaking in the position where the heavyweight of the dam has limited the ampli-
fication in the seismic waves. The dynamic response for saturated cohesionless soil
has been less effective than the response in dry cohesionless soil for two substantial
causes: (1) The saturated soil has large density compared with dry soil state and (2)
the periodic stress–strain behavior for the voids ratio that filled with water has been
less exciting to shaking compared with voids filled with air.

6.3 Acceleration Response and Spectral Acceleration (Test 3)

Figure 13 demonstrates the acceleration measurement in case of full reservoir. A
green line is added to the graph (i.e., Acc.2) that illustrates the average values for
the acceleration reading. A prominent attenuation was observed for the acceleration
measured by Acc.2, due to the weight of the water at the upstream which prevents
the wave from spreading, making a big amplitude cyclic motion at this zone. Also,
the dynamic response of Acc.3 (underneath the dam model) is similar to Test 2, and
this is because of the heavyweight of the model itself.

The acceleration response spectrum for Test 3 is plotted in Fig. 14, which is
different from last two tests. It can be concluded that the ARS (i.e., elastic response

Fig. 13 Time domain for the measured acceleration (Test 3)
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Fig. 14 Spectral
acceleration for Test 3 (filled
with water dam model)

spectrum) exceeds the limitations of the EC8 for a very low period (i.e., less than
0.15 s) and at high period (i.e., 1.2 s), which indicates that the frequency ranges
above 7 Hz and below 0.8 Hz. In addition, the dynamic response of the Acc.4 is still
beneath predicted with the limits of the EC8.

7 Conclusions

This paper conducted an experimental work on the seismic performance and the
dynamic response of the foundation underneath a concrete gravity dam using the
earthquake simulator device. The main conclusions may be summarized as follows:

1. The reading of Acc.2 and Acc.3 was amplified due to site amplification. On the
other hand, the amplification of themotion begins from the bedrock to the ground
surface.

2. The saturated soil particles are either absorbed or damped in the seismic wave.
Thiswas clearly observed by reading the sensorAcc.2 in the saturated dammodel
(Test 1) compared with dry model (Test 2).

3. There is noticeable attenuation in the reading of acceleration sensor Acc.3 in both
Test 2 and Test 3. This was occurring due to the heavy load of the dam model,
causing a constraint of the seismic wave.

4. Finally, the response to the soil underneath the dam model is very safe because
of the heavyweight of the dam model. This is a very important finding as this
area may contain the construction of some significant structural parts such as the
blanket of the dam or cutoffs.
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Liquefaction Resistance of Desaturated
and Partly Saturated Clean Sand

Dhanaji Chavan , T. G. Sitharam , and P. Anbazhagan

Abstract Induced desaturation has been emerging as a new liquefaction mitigation
technique. Laboratory study carried out, so far, on induced desaturation has mainly
focused on shaking table and centrifuge studies. In the present study, triaxial spec-
imens of saturated clean sand have been desaturated by injecting air/CO2 into it
and stress-controlled undrained cyclic triaxial tests have been conducted on such
samples. Few tests have been conducted on partly saturated samples as well. It is
observed that the presence of air in the sample increases the liquefaction resistance
of the sand. Further, desaturation affected not only liquefaction resistance but also
dilative and contractive tendency of the soil. Slope of the phase transformation line
on compression side initially increased and then decreased with reduction in degree
of saturation whereas slope of phase transformation line on extension side initially
decreased and then increased with reduction in the degree of saturation. In most of
the cases, slope of the phase transformation line on extension side is found to be
smaller than that on compression side.

Keywords Initial liquefaction · Desaturation · Phase transformation line

1 Introduction

Saturated loose sand when subjected to earthquake loading generates large pore
water pressure and finally loses its strength and stiffness. This phenomenon is called
as liquefaction [1]. Over the last few decades, various techniques such as explosive
compaction, deep dynamic compaction and deep soil mixing have been invented
to mitigate the liquefaction [2]. Induced desaturation is emerging as a new lique-
faction mitigation technique over the last few years. In this technique, liquefaction
susceptible saturated loose sand is desaturated by adopting one of the following tech-
niques: (1) air injection; (2) microbial desaturation; (3) water electrolysis; (4) sand
compaction pile; (5) use of sodium perborate; [3–6].
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Laboratory study carried out, so far, on induced desaturation has mainly focused
on shaking table and centrifuge studies. No research has been carried out so far on air-
injected desaturated triaxial specimens. Purpose of this study is: (1) to desaturate satu-
rated triaxial specimenbyCO2 injection/air injection; (2) to assess change in liquefac-
tion resistance on desaturation; (3) to study the effect of desaturation on contractive
and dilative tendency of sample. In the present study, stress-controlled undrained
cyclic triaxial tests have been conducted on CO2 desaturated, air desaturated and
partly saturated clean sandy soil.

2 Material and Methodology

2.1 Material

Original sand was collected from bed of Sabarmati River near IIT Gandhinagar
campus, Gujarat, India. This is the area which severely suffered from 2001 Bhuj
earthquake. Collected sand was passed through 2 mm IS Sieve. In the present study,
sand passing through 2 mm IS Sieve and retained on 75 micron IS Sieve has been
used. Gradation curve for this sand is shown in Fig. 1 and its rest of the index
properties are given in Table 1. As per IS soil classification system soil comes to be
poorly graded fine sand.

0

10

20

30

40

50

60

70

80

90

100

0.01 0.1 1 10

Pe
rc

en
ta

ge
 fi

ne
r (

N
)

Par cle size (mm)

D60 = 0.30 mm

D30 = 0.20 mm

D10 = 0.14 mm

Fig. 1 Gradation curve of sand



Liquefaction Resistance of Desaturated and Partly Saturated Clean Sand 173

Table 1 Index properties of the sand

G emax emin ρmax(gm/cc) ρmin (gm/cc) D50 (mm) Cu Cc

2.65 0.84 0.45 1.83 1.44 0.27 2.14 0.95

2.2 Methodology

2.2.1 Sample Preparation

Sample was prepared by dry deposition method. Oven dry sand mass was deposited
in the split mould in five layers with zero drop height. At the end of last layer little
tamping and side tapping was done. Before removing split mould vacuum of 20 kPa
was applied to the sample so that it can stand on its own even after removal of mould.

2.2.2 Saturation

Once sample was prepared as mentioned in above section, CO2 gas was passed
though the sample under vacuum of 20 kPa for 10 min. Then cell pressure of 20 kPa
was applied and vacuum was released and again CO2 gas was percolated through
sample for another 20 min. This was followed by percolation of 1000 ml of distilled
water. From several trials, it was found that this resulted into degree of saturation as
high as 99%. From practical point of view, sample with degree of saturation of 99%
can be considered as a fully saturated sample [7]

2.2.3 Desaturation

Once it was ensured that sample was saturated; it was desaturated by injecting/CO2

from the bottom of the sample. The triaxial setup before and during desaturation is
shown in Figs. 2 and 3. The detailed procedure adopted during desaturation is given
in Fig. 4.

It should be noted that saturation and desaturation steps are not applicable to
partly saturated samples. In case of partly saturated samples, once dry sample was
prepared as mentioned in the “sample preparation” section, quantity of water in the
range of 200–800ml was passed through the specimen. Depending upon the quantity
of water passed, different degrees of saturation were achieved. Both for desaturated
and partly saturated sample, degree of saturation of the sample was computed from
B parameter, using the following equation.

B = 1

1+ nKs
[
S
/
Kw + (1− S)

/
ua

] (1)
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 Disconnected back 
pressure pipe 

Collection of 
pushed water 

Disconnected pore pres-
sure measuring pipe 

 Air supply pipe 

Fig. 3 Triaxial cell set up during desaturation

Disconnect 
back pressure 
pipe from the 
bottom of tri-
axial cell 

Connect air supply 
pipe at bottom valve
from where back pres-
sure pipe disconnected. 
Keep the valve closed

Disconnect the pore 
pressure measuring pipe
from bottom of the triaxial 
cell and place water collec-
tion cup below drainage 
valve 

Open the air supply 
valve. Air gets injected into 
specimen.

Collect the 
pushed out water in 
water collection cup 

After collect-
ing certain 
amount of water, 
close the air 
supply valve

Disconnect the 
air supply pipe 

Connect back 
pressure pipe at 
bottom from where 
it was disconnected

Open the back pres-
sure valve. Water goes 
in. Wait for 10 minutes.
Close back pressure 
valve. 

Fig. 4 Flow chart explaining steps adopted during desaturation
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where, n is the porosity of the sample, S is the degree of saturation, K s and Kw

are the bulk modulus of soil skeleton and water, respectively and ua is the absolute
pore fluid pressure.

2.2.4 Application of Cyclic Loading

Back pressure valve was closed and pore pressure measuring device was connected
at the drainage valve. Then, sinusoidal cyclic deviatoric stress was applied at the
frequency of 0.1 Hz. Tests were conducted on samples of relative density (Dr) of 30,
40 and 60% at CSR of 0.175, 0.250 and 0.400.

3 Results and Discussion

3.1 Degree of Saturation and Initial Liquefaction

Cyclic tests were conducted on CO2 desaturated, air desaturated and partly satu-
rated samples. It was observed that number of cycles required for initial liquefaction
(N i) increased with decrease in degree of saturation. The trend was observed to be
exponential for all three cases as shown in Fig. 5. Further, it was observed that CO2

desaturated samples took least number of cycles and partly saturated samples took
the most number of cycles for given degree of saturation to reach the initial liquefac-
tion. Possible reason could be dissolution of injected CO2 into the pore water during
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the cyclic loading. The liquefaction resistance of air desaturated and partly saturated
samples is very close to each other.

3.2 Effect of Desaturation on Stress Ratio at Phase
Transformation

When saturated sand, dense of critical state, is subjected to undrained loading,
initially it contracts and then dilates. Contraction results into increase in the pore
pressure while dilation results into decrease into the pore pressure. This state results
into elbow in effective stress path as shown in Fig. 6. Locus of all such point results
into a straight line called as phase transformation line. It is a well-established fact that
stress ratio at the phase transformation depends on void ratio and effective confining
pressure. Stress ratio is the ratio of deviatoric stress and effective mean stress.

In the present study, it is investigated whether the presence of air in the voids,
along with water, has any influence on the stress ratio at the phase transformation.
Some of the effective stress paths are shown in Fig. 6. In this figure, CSL stands for
critical state line,PTLc andPTLe stand for phase transformation line on compression
side and phase transformation line on extension side, respectively. From the Fig. 6a,
it is observed that, for given case, phase transformation line on compression side
coincides with critical state line. Thus, the stress ratio for the PTLc equals the stress
ratio for CSL, which is equal to 1.25. Further, stress ratio for PTLe is observed to
be −0.75. For the case shown in Fig. 6b, phase transformation line on compression
side is distinct from the corresponding CSL. Stress ratio for PTLc and PTLe is found
to be 0.72 and −0.55 respectively. From Fig. 6, it is clear that slope of PTLe is less
than that of PTLc.

Stress ratio at different degrees of saturation for various relative densities and
cyclic shear stress ratio (CSR) is shown in Fig. 7. It is observed fromFig. 7a that stress
ratio on compression side initially increases with decrease in degree of saturation and
then decreases. On the other hand, stress ratio initially decreases and then increases
with reduction in degree of saturation, during extension stage of loading as seen in
Fig. 7b. Further, stress ratio for relative density of 60% is observed to be less than
that for relative density of 30% and 40%, during compression stage of loading. On
the other hand, during extension stage of loading, stress ratio for relative density of
60% is observed to be greater than that for relative density of 30 and 40% as seen
Fig. 7b.

4 Conclusion

There is increase in the liquefaction resistance on desaturation. The trend is observed
to be exponential. Further, the CO2 desaturated samples took the least cycles while
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Fig. 6 Effective stress paths
showing effect of air
desaturation on phase
transformation

. 

-120

-100

-80

-60

-40

-20

0

20

40

60

80

100

120

-20 0 20 40 60 80 100 120

De
vi

at
or

ic
 st

re
ss

 (k
Pa

)

Effec ve mean stress ( kPa)

CSL
PTLc

PTLe
CSL

1.25
1

-0.75

1

Dr 30
S 94.4 %
CSR 0.25
σ  c 100  kPa

a)

-120

-100

-80

-60

-40

-20

0

20

40

60

80

100

120

0 20 40 60 80 100 120

De
vi

at
or

ic
 st

re
ss

 (k
Pa

)

Effec ve mean stress (kPa)

0.721

-0.55
1

Dr 30
S 82.1 %
CSR 0.25
σ c  100 kPa

CSL
PTLc

PTLe

b)

CSL

partly saturated sample took most cycles for given degree of saturation to reach
the initial liquefaction. Desaturation affected contractive and dilative tendency of the
sample aswell. Itwas observed that stress ratio (i.e. slope) of the phase transformation
line on compression side initially increases and then decreases with desaturation. On
the other hand, slope of phase transformation line on extension side initially decreases
and then increases with desaturation. Further, stress ratio for phase transformation
line on extension side is found to be less than that for phase transformation line on
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Fig. 7 Variation of stress ratio at phase transformation with degree of saturation

compression side. Comparison of stress ratio during compression shows that denser
samples have smaller stress ratiowhile case is reverse during extension. Further study
is required to havemore deep insight of effect of desaturation on dilative—contractive
tendency during undrained cyclic loading.
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Liquefaction Behavior of Low to Medium
Plasticity Sand-Fines Mixtures

Muttana S. Balreddy, S. V. Dinesh, and T. G. Sitharam

Abstract During earthquake, soil deposits are subjected to cyclic loading. Under
undrained conditions, cyclic shear stress causes transient disturbance and gives rise
to an increase in excess pore water pressure leading to loss of shear strength in
saturated soil deposits, there will be excessive strains with continued loss of shear
strength resulting in liquefaction. Researchers have identified a significant number of
cases where ground failure took place during earthquake in soil deposits containing
fines leading to considerable damage to buildings. Some studies show a decrease in
liquefaction resistance and others show an increase in liquefaction resistance with an
increase in fines content in soil deposit. There is no clarity regarding the effect of fines.
In view of this, an experimental investigation has been carried out to evaluate the
liquefaction potential of sand-clay mixtures. A series of undrained stress-controlled
cyclic triaxial shear tests were performed on reconstituted samples obtained from
Cauvery River sand and sand mixtures containing different percentages of plastic
fines up to 30%. This paper reports the results of stress-controlled cyclic triaxial
shear tests under undrained conditions at 100 kPa confining pressure at a frequency
of 0.1 Hz. The results show that the cyclic strength decrease with an increase in
fines content upto 20% beyond which it increases. In the present investigation, the
limiting fines content is 20%. The results of CRR were analyzed in terms of relative
density, fines content, and plasticity characteristics. The results indicate that flow
liquefaction depends on the acceleration (CSR) and initial state (void ratio).
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1 Introduction

Among the seismic hazards, soil liquefaction is a major threat to human life, infras-
tructure, and environment. Many historical earthquakes have noticed the phenomena
of soil liquefaction, some of them are 1964 Niigata, Japan, 1964 Alaska, USA and
2001 Bhuj, India. The most important step towards mitigating liquefaction hazard
is by evaluating liquefaction potential of soil accurately. Although loose saturated
cohesionless soils are most susceptible to loss of strength, there are studies and
evidences suggesting that soils containing fines are also prone to liquefaction during
earthquakes. The presence of a certain amount of fines in sand was generally consid-
ered to increase the resistance but a detailed literature review of laboratory and field
investigations has clearly highlighted the conflicting evidence of the effect of fines
on the liquefaction behavior of sand-fines mixtures. The situation is, however, more
complicated for low-plasticity silts and clays that are near the transition zone between
“sand-like” and “clay-like” behavior.

The factors affecting and themechanism associatedwith the liquefaction potential
of sands have been reasonably understood. Many natural and artificial soils contain
combinations of fine-grained (i.e., clay and silt) and coarse-grained (i.e., sand and
gravel) soils. Such soils are called intermediate or mixed soils or mixtures, in which
clay contents are present in different percentages. The literature review indicates
that the presence of clay fines affects the liquefaction behavior. There are studies
that suggest that sand-clay mixtures are non-liquefiable when clay fines are <20%
and in some cases they are liquefiable when clay fines are >15%. Some studies have
indicated decrease in liquefaction resistance with an increase in plasticity and vice-
versa [2, 6, 7, 10]. Some studies have reported decrease of CRR till limiting fines
content. Some researchers reported that increase in plasticity reduces the liquefac-
tion resistance of silty soils [8]. There is wide variation in the recommendations on
the limiting boundaries of liquid limit and PI values on the Atterberg’s limit chart
for liquefaction susceptibility. Literature suggests flow liquefaction for sand-fines
mixtures till PI = 7 and cyclic mobility when PI > 7 [5]. This is based on plasticity
of mixtures without any reference to the level of shaking as reflected by cyclic stress
ratio and initial state (relative density). Hence, it is necessary to study the liquefaction
behavior of sand-fines mixtures under cyclic loading to understand the above issues
related to flow liquefaction dependence on plasticity characteristics, relative density,
cyclic stress ratio. The present paper reports the effect of plasticity characteristics,
relative densities, and CSR on the flow liquefaction of low to medium plasticity
sand-fines mixtures.

2 Materials and Experimental Methods

Tounderstand the effect of fines on liquefaction resistance, sand andfineswere used in
the present investigation. Sandwas procured from the Cauvery River bed, Karnataka,
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Fig. 1 Grain size distribution curves of Cauvery River clean sand (S)

India. Clayey sand was procured from locally available sources in Tumakuru region,
Karnataka, India. Figure 1 shows grain size curve of clean Cauvery river sand (S).
The grain size curve of sand lies within the boundaries of most liquefiable soils as
proposed by Tsuchida [9]. This clearly indicates that sand under undrained condi-
tions would liquefy during an earthquake. The specific gravity (Gs) of sand is 2.62,
coefficient of curvature (Cc) is 0.9, coefficient of uniformity (Cu) is 2.4, maximum
void ratio (emax) is 0.99, and minimum void ratio (emin) is 0.72. From the above data
according to IS classification, the sand is classified as poorly graded sand (SP).

Clayey sand is available at shallow depths of 1.5–15 m from the ground level in
the southern parts of Karnataka. It is white-yellowish in color. The fines (<75 µ)
extracted from the clayey sand soil are designated as F. The specific gravity (G) is
2.65. The soil composition consists of gravel 01%, sand 53%, silt 28%, and clay
18%. The liquid limit is 46, plastic limit is 27, and the plasticity index is 19. The
fines chosen are plastic in nature. From the above data according to IS classification,
the soil is Clayey Sand (SC).

In order to study the influence of fines in the sand on liquefaction resistance,
fines were separated from clayey sand and mixed with clean Cauvery River sand
(S) to prepare sand-fines mixtures. The details of sand-fines mixtures prepared are
shown in Table 1. The fines fraction of size less than 0.075 mm was separated from
clayey sand and used as fines in the experimental program. These clay fines were
mixed with the clean Cauvery River sand (S) in various proportions ranging from 0
to 30%. The three sand-fines mixtures considered are SF10, SF20, and SF30. The
index properties of sand-clay mixtures refer Balreddy et al. [3]. With the addition
of fines to sand, the sand-fines mixtures changes to non-plastic sand-silt mixture at
10%, sand-clay or sand-silt of low plasticity at 20% fines and sand-clay of medium
plasticity at 30% of fines.



184 M. S. Balreddy et al.

Table 1 Details of liquefaction susceptibility for soil mixtures

Soil
mixtures

Fines
content
(%)

Liquid
limit
(%)

Plasticity
index

Relative
density
(%)

CSR CRR Residual
pore
pressure
ratio

Sample
failure by
Flow
Liquefaction
(FL)/Cyclic
Mobility
(CM)

SF00 0 0 0 50 0.15 0.162 1.0 FL

SF10 10 22 0 0.145 0.13 1.0 FL

SF20 20 26 6 0.144 0.11 1.0 FL

SF30 30 32 17 0.15 0.125 1.0 FL

SF10 10 22 0 70 0.168 0.17 1.0 FL

SF20 20 26 6 0.17 0.14 0.95 CM

SF30 30 32 17 0.165 0.155 0.92 CM

2.1 Sample Preparation

For achieving the loosest possible density, triaxial test specimens of 50 mm diameter
and height 100 mm were prepared by dry deposition method. Required quantity of
sand and fines were weighed. Sand and fines were divided into 10 equal parts. Each
of the sand and fines portions was mixed thoroughly to have a uniform mixture.
These mixture portions were filled in a membrane lined to the split mold attached
to the bottom platen of the triaxial cell by using a spout of 12 mm diameter at the
bottom. The spout was slowly raised along the axis of symmetry of the specimen,
such that the soil was not allowed to have any drop height. The sand-fines slide down
slowly. The mold was gently tapped with a wooden mallet to achieve the required
density for each layer. Then the sample was subjected to low-pressure vacuum and
carbon-di-oxide gas was passed for one hour. After this, de-aired distilled water was
passed through the soil sample at a very small head. The specimens were saturated
by applying a back pressure of 100 kPa and saturation time was maintained till the
Skempton’s pore pressure coefficient ‘B’ value exceeds 0.95.

An effective confining pressure of 100 kPa was applied and specimens were
isotropically consolidated till the end of Casagrande’s primary consolidation. The
reduction in the void ratio before and after consolidation is found to be in the range
of 0.027–0.066. An increase in the relative density after consolidation by 5–10%
was observed compared to the initial relative density. In this way, the samples were
prepared at relative densities of 50, 60, 70, and 80%.
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2.2 Stress-Controlled Tests

In the present work in order to simulate the stress conditions existing during earth-
quakes, the cyclic triaxial test facilitywas used to conduct stress-controlled undrained
cyclic triaxial shear test. The tests were performed at 100 kPa confining pressure and
frequency of 0.1 Hz. ASTM: D 5311-92 (Reapproved 1996 [1]) was followed for
conducting tests.

The load, deformation, cell pressure, pore water pressure data were obtained by a
computer-controlled data acquisition system. In each loading cycle, 128 data points
were captured. Tests were continued till an excess pore pressure is equal to confining
pressure or 5% double amplitude axial strain is reached. For more details regarding
the full experimental program and cyclic stress ratio amplitudes applied during the
tests see Balreddy et al. [3].

3 Results and Discussion

Figure 2 shows the results of cyclic triaxial test under stress-controlled conditions
on a sample of sand (SF00) having a void ratio of 0.855 (Dr = 50%) at 100 kPa
confining pressure at a loading frequency 0.1 Hz.

Figure 2a shows the plot of axial strain versus number of cycles. Beyond 5 cycles,
the rate of development of axial strain is faster. The sample shows a large amount
of axial strain on the extension side when compared to the compression side. The
sample is considered to be failed when the double amplitude axial strain is 5% or
when 100% excess pore water pressure develops. In this case, the sample has failed
at 6th cycle.

Figure 2b shows the plot of residual pore pressure ratio versus cycle ratio. The
residual pore water pressure buildup is increasing uniformly till cycle ratio of 0.7
beyond which it develops at a faster rate and attains a value of 1. The sample failed by
flow liquefaction. The residual pore water pressure is responsible for the reduction
in effective stress and strength loss.

Figure 2c shows the plot of double amplitude axial strain versus number of cycles.
It is observed from the plot that the double amplitude axial strain is constant till 4th
cycle. Beyond 4th cycle, there is a sudden buildup of axial strain. Failure is observed
at 6th cycle where the double amplitude axial strain value reaches more than 5%.

Figure 2d shows the plot of deviator stress versus effective mean stress. It is
observed that in the beginning the sample is subjected to low axial strain and remains
constant till 4th cycle. After 4th cycle, the loop widens and enlarges with large
deformation on the extension side.

Figure 3 shows the plot of cyclic resistance ratio (CRR) versus fines content at
varying void ratio. The cyclic strength is more for the clean sand. For details of
cyclic strength of SF00 and SF10 refer Balreddy et al. [3]. The results show that the
cyclic strength decrease with an increase in fines content upto 20% beyond which it
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a) Axial strain versus number of cycles 

b) esidual pore pressure ratio versus cycle ratio 

Fig. 2 Typical cyclic triaxial test results of sand (SF00) sample having e = 0.855
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c) Double amplitude axial strain versus number of cycles 

d) Deviator stress versus Effective mean stress 

Fig. 2 (continued)
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Fig. 3 Cyclic resistance ratio (CRR) versus fines content

increases. In the present investigation, the limiting fines content is 20%. Upto 20%
fines content, the voids in the sand specimen will not be completely filled by fines.
This results in a decrease in friction as the fines in the voids facilitate sliding. There
will be a rearrangement of particles leading to increased compressive tendencywhich
results in buildup of a large amount of excess pore water pressure and suppression
of dilation thereby; there will be a reduction in strength. Cyclic strength of sand-
fines mixtures at this stage is minimum due to the combined effect lubrication effect
between sand and fines and suppression of dilation. Further, cyclic strength increases
with the increase in thefines content beyond20%fines content. This increase of cyclic
strength is due to the fact that the finesmatrix will control the behavior and sand-fines
mixture shows clay-like behavior.

Table 1 shows the details of liquefaction susceptibility for soil mixtures. Sand-
fines mixtures with Dr = 50% (loose state) and 70% (dense state) containing 10%
fines have failed by flow liquefaction. However, dense sand-fines mixtures with 20
and 30% fines content at Dr = 70% with PI between 6 and 17 fail by cyclic mobility
when the CSR > CRR. These samples exhibit clay-like behavior. The pore pressure
buildup is faster with an increase in PI in loosely compacted specimens (Dr = 50%)
when compared to dense specimens (Dr = 70%) and these samples have failed by
flow liquefaction and with these sand-like behavior is observed.

Figure 4 shows the plot of cyclic resistance ratio (CRR) versus fines content at
constant void ratio. It is observed that at any given void ratio, the cyclic resistance
ratio decreases with an increase in fines content till limiting fines content (LFC
= 20%). This indicates that the fines in the voids facilitate sliding producing soft
contacts. At any given constant void ratio, CRR is minimum at limiting fines content.
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Fig. 4 Cyclic resistance ratio versus fines content at constant void ratio

The reduction in CRR is of the order 65–68% of the base sand strength (Balreddy
et al. [3]).

Figure 5 shows the plot of cyclic resistance ratio versus sand skeleton void ratio
for sand and sand-fines mixtures. It is observed that CRR decreases with an increase
in sand skeleton void ratio. Beyond the limiting fines content of 20%, CRR increases
due to the plasticity effect. For a given fines content, CRR decreases with an increase

Fig. 5 Cyclic resistance ratio (CRR) versus sand skeleton void ratio
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Fig. 6 Cyclic resistance ratio (CRR) versus plasticity index

in sand skeleton void ratio, also when fines content is less than limiting fines content
for 10 and 20%. There is a decreasing trend with increase in sand skeleton void ratio.
In general, the CRR ranges from 0.21 to 0.125 for all fines content considered in this
study.

Figure 6 shows the plot of cyclic resistance ratio (CRR) versus plasticity index for
the sand-finesmixtures. It is observed that clean sand has higherCRRvalue compared
to sand-fines mixtures. Addition of fines beyond the limiting fines content, CRR
increases marginally with an increase in plasticity index more studies are necessary.
It is observed that when PI is less than or equal to 6, the sand-fines mixtures indicate
silt like behavior characterized byflow liquefaction.WhenPI > 6, sand-finesmixtures
indicate clay-like behavior characterized by cyclic mobility.

4 Conclusions

Based on the analysis of the results of the cyclic behavior of sand-fines mixtures, the
following conclusions are drawn.

1. Addition of low plastic fines (PI = 6–17) decreases the CRR till limiting fines
content of 20% beyond which it increases. The decrease of CRR due to fines
content is in the range of 65–68% compared to base sand.

2. Addition of lowplasticity fines beyond the limitingfines content shows amarginal
increase in CRR with an increase in plasticity index.
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3. Sand-fines mixtures under loose and medium dense condition (Dr < 70%) fail by
flow liquefaction exhibiting sand-like behavior.

4. Medium plasticity sand-fines mixtures under dense conditions (Dr ≥ 70%) with
fines in excess of limiting fines content fail by cyclicmobility exhibiting clay-like
behavior and these results are in agreement with Bayat et al. [4].
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Influence of Density on the Static
Liquefaction Characteristics of a Sandy
Kutch Soil

R. Bhamidipati , M. Hussain , and A. Sachan

Abstract Loose sands and very loose silty sands are most susceptible to static lique-
faction among all the soil types. The undrained response of granular soils is controlled
by several factors including material and stress states. Loose granular soils under
undrained conditions develop solid–fluid instability due to the generation of excess
pore water pressure consequently leading to static liquefaction. The increased pore
pressure indicates loss in effective confining pressure thereby resulting in reduced
mobilized shear stress. In the recent past, a number of incidents of static lique-
faction have occurred in dams across the world, causing extensive damage to life
and property. In this study, the effect of relative density on the static liquefaction
characteristics including undrained brittleness, collapse potential, and liquefaction
potential has been explored, for a soil from the Kutch region of India. This region
was severely affected by the devastating earthquake of 2001. To carry out the study,
isotropically consolidated undrained compression triaxial tests were performed with
frictional end rigid boundary conditions. The liquefaction resistance was observed
to decrease with the increase in void ratio; however, pore pressure ratios greater
than 0.85 were exhibited at void ratio corresponding to the relative density of 80%
signifying intense strain softening. The samples showed an increasing trend in peak
shear stress with increasing relative density. Also, the various liquefaction indices
decreased with relative density, particularly above 60%. The study showed that the
soil under study had a high tendency for static liquefaction.
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1 Introduction

Sandy soils that occur in various parts of the world can be characterized by certain
unique engineering and physical properties. The mechanical behavior of sands is
largely guided by factors like stress state, void ratio, fines content, and boundary
conditions. Loose-saturated granular soils are known to exhibit a phenomenon known
as liquefaction, wherein, saturated sands lose their strength due to the application
of undrained loading. The loss in strength is due to the building up of excess pore
water pressures, generated due to shear loading. This creates a solid–fluid instability.
Static liquefaction is a special type of liquefaction which occurs when a saturated
granular soil mass loses most of its shear strength under monotonic loading.Whereas
cyclic liquefaction is initiated mostly by earthquake loading, static liquefaction can
also be triggered by sources such as blasting, driving of piles, railway and traffic
vibrations, etc. (Kramer [1]). The failure of Calaveras dam in California (1918), Fort
Peck dam on the Missouri river in Montana (1938), and the Merriespruit tailings
dam failure in South Africa (1994) are just some examples of catastrophic events
brought about by static liquefaction phenomenon. Formanygeotechnical engineering
problems pertaining to saturated sandy soils, the estimation of liquefaction potential
of the soils is very important, particularly so if the soil occurs in a seismically active
region. The liquefaction characteristics of sandy soils have been studied by several
researchers (Lade andYamamuro [2], Papadopoulous and Tika [3], Salgado et al. [4],
Yamamuro et al. [5]). It was also found that loose silty-sandy soils were most likely
to be liquefiable in the event of monotonic loading (Yamamuro and Lade [6]). The
dynamic properties of some soil samples collected near the Bhuj area were studied
by Sitharam et al. [7] and Ravishankar et al. [8].

For this study, sandy soil near the Fatehgarh dam in the Kutch region of Gujarat
was used. Kutch is one of the most seismically active regions in India, and it was
struck by many massive earthquakes in the recent geological past (1819, 1956, and
2001). Fatehgarh dam region was one of the regions severely affected by the 2001
Bhuj earthquake and the associated liquefaction induced damages. Several thousand
square kilometers of soils in the Kutch region experienced liquefaction due to this
earthquake.

The basic properties of the soil are summarized inTable 1. Figure 1 shows the grain
size distribution of the soil. The soil had a fines content of 15%, with a clay content of
4%. In this paper, the effect of relative density on the static liquefaction characteristics
of the Fatehgarh dam soil was explored under undrained triaxial conditions. Relative

Table 1 Properties of the soil Gs 2.65

% Fines 16%

% Clay 4%

emax 0.59

emin 0.29
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Fig. 1 Grain size distribution of the Fatehgarh dam soil

density of the soil is the single parameter that has most influence on the undrained
soil response and hence on liquefaction characteristics. The liquefaction behavior of
the Fatehgarh dam soil was evaluated using parameters such asUndrained Brittleness
Index (IB), Collapse Potential (CP), and Liquefaction Potential (LP). Each of these
parameters and the testing methodology adopted in the current study are explained
in the following sections.

2 Methodology

The void ratios for the soil under consideration were initially calculated at relative
densities of 20, 40, 60, 80, and 100% using the provisions of IS 2720-Part 14. Five
specimens were prepared with different initial relative densities ranging from 20 to
100%.Thevoid ratios corresponding to the different relative densities are presented in
Table 2. Isotopically consolidated undrained compression (CIUC) triaxial tests were
conducted on these samples. The sampleswere of 100mmlength and50mmdiameter
(maintaining an aspect ratio of 2) and were prepared using moist tamping method at
an initial moisture content of 6%. After assembling the moist tamped specimens on
the base pedestal in the pressure cell, carbon-dioxide at a low pressure of about 5 kPa
was passed through the samples for around 30 min at a confining pressure of 20 kPa.
After this, water flushing was conducted by pushing a volume of de-aired water from
the base of the cell equivalent to at least two times the volume of the specimen.
After the water-flushing stage, the cell and back pressures were gradually increased
in steps of 40 kPa. The process was continued until a Skempton’s pore—pressure



196 R. Bhamidipati et al.

Table 2 Relative density and
void ratios of samples before
and after consolidation

Relative density (%) eo (before
consolidation)

ef (after
consolidation)

20 0.53 0.49

40 0.47 0.45

60 0.41 0.40

80 0.36 0.35

100 0.29 0.29

parameter ‘B’ was at least 0.95 The desired saturation levels corresponding the ‘B’
value of 0.95 were obtained at a back pressure of 270 kPa.

After the saturation stage, the saturated specimens were subjected to isotropic
consolidation at a confining pressure of 100 kPa. Consolidation was assumed to
be complete when the rate of volume change was less than 5 mm3 over a period of
5min. The relative density values and void ratios of the specimens after consolidation
are presented in Table 2. After consolidation stage, the specimens were subjected to
undrained shearing at a deformation rate of 0.1mm/min. All the tests were performed
at an effective confining stress of 100 kPa owing to the fact that static liquefaction is
a low-pressure phenomena Shear loading was continued until there was no change
in load for a period of 5 min or an axial strain of 20% was reached, which ever was
attained earlier. The vertical displacement, variations in deviator stress, and excess
pore pressure were recorded throughout the duration of the test. These parameters
were used to compute the effective stress parameters, q and p′ of the soil specimen.

The static liquefaction characteristics of a soil specimen were determined from
the experimental data using the following indices:

Liquefaction Potential (Lp) (Casagrande [9]): It is quantified in terms of variation
in the effectiveminor principal stress during shearingwith respect to thefinal effective
minor principal stress and calculated by the following expression:

L p = (s ′
3i − s ′

3 f )/s
′
3 f (1)

where s ′
3i and s ′

3 f are the initial and final effective minor principal stresses
respectively.

Collapse potential (CP) (Thevanayagam et al. [10]): It describes the amount of
reduction in mean effective confining stress, p′, due to building up of excess pore
pressure during shearing. It is calculated using the expression:

CP = (
p′
i− p′

ss

)
/p′

i (2)

where p′
i and p′

ss are the mean effective pressures at the beginning of shearing and
at steady state, respectively. CP is very close to unity for soils with a high tendency
for liquefaction. For samples that show dilation right from the start of shear loading,
CP is taken as zero.
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Undrained Brittleness Index (IB) (Bishop [11]): It describes the reduction in devi-
atoric stress, q, after the peak deviatoric stress, qpeak, is attained. IB is calculated as
shown:

IB = (
Suy − Sul

)
/Suy (3)

where Suy (yield) is the same as qpeak and Sul is theminimum deviatoric stress after
the initial peak. Its values range between 0 and 1 for soils showing strain hardening
response and 1 for soils exhibiting complete liquefaction. All the above-mentioned
liquefaction indices are expected to showa strong positive correlation as they quantify
the same phenomena of static liquefaction.

3 Results

For each specimen, the variation in deviator stress was plotted against axial strain
(Fig. 2). The test results showed an increasing trend in peak deviatoric stresses with
increase in relative density. The values increased from 29 kPa at a relative density of
20% to 334 kPa at a relative density of 100%. This observation is consistent with the
study of Illinois River Sand and Toyoura sand specimens reported by Sadrekarimi
[12]. The increase was very significant at relative density values of more than 60%.
It is interesting that the specimens exhibited strain softening over the entire range of
explored relative densities. Figure 3 shows the development of excess pore pressure
during shearing. It was seen that from Dr% of 20% to 60%, the increase in EPP
was almost close to 95% of the confining stress (100 kPa). The value decreased
slightly to about 83 kPa at 80% Dr showing a shift in response and an increasing
dilative undrained behavior. At Dr of 100%, the specimen initially showed a dilative
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response with the EPP increasing and attaining negative values between 1 and 7%
axial strains. The excess pore water pressure response of the specimens captured the
signature observed in the stress–strain response.

The effective stress paths for the five tests were plotted using the q–p′ plane
(Fig. 3). Under drained loading conditions, the variation of mean effective stress (p′)
depends on the initial material and stress states of the soil sample. For samples with
Dr up to 60%, a decrease in p′ was observed during the undrained shearing. For
specimens with Dr of 70 and 100%, p′ initially increased and then decreased. The
increase in p′ was highest for the specimen with Dr of 100%. Likewise, deviatoric
stress (q) decreased for all the samples after attaining a peak value. The decrease
in q increased with the decreasing relative density, an indication of increasing static
liquefaction. For specimens with Dr of 20–60%, the effective stress path descended
to the stress origin. This showed large susceptibility to static liquefaction for these
soil samples. However, the specimens with Dr of 80 and 100% showed a lower
tendency for static liquefaction. The sample with aDr of 100% exhibited the highest
resistance to liquefaction instead showed dilation during the earlier stages of shear
loading. The stress path of this specimen showed an increasing trend during shearing.
Even at the end of shearing, the effective stress values were higher than the initial
value of 100 kPa (Fig. 4).

Liquefaction Indices including,CP andLp, were then computed for these test spec-
imens. Undrained stress–strain responses of the soil were used to calculateUndrained
Brittleness Index (IB). The values ranged from 0.93 to 0.51, for the different relative
densities. For Dr ranging between 20 and 60%, the variation in IB was in a narrow
range of 0.88 to 0.93. The values dropped to 0.76 at Dr of 80% and 0.51 at Dr of
100%. The relationship between IB and Dr% for the samples is shown in Fig. 5.

Collapse Potential (CP) was calculated from the reduction in the mean effective
stress for each test specimen during the undrained shearing. In this study, the CP
values ranged from 0.975 at 20% Dr to 0.750 at Dr of 80%. For the specimen with
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Dr of 100%, because the p′
ss was observed to be higher than p′

i ., CP was calculated
as zero. For specimens with Dr of 20–60%, it was found that relative density had a
little influence on the Collapse Potential.

Liquefaction Potential (Lp) was evaluated from the variations in the effective
minor principal stress of each test specimen during the undrained shearing. The
shear-induced excess pore pressure is responsible for changes in the effective minor
principal stress (σ 3

i ). In this case, the variation in Lp was observed to be in the range
of 0.97 at Dr of 20–0.66% at Dr of 100%. As in the case of CP, the samples with
relative density in the range of 20–60% showed little variation in LP with relative
density was evaluated to be 0.88 at Dr of 80% and 0.66 at Dr of 100% (Figs. 6 and
7).
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4 Conclusion

Isotropically consolidated undrained compression triaxial tests were conducted on
a Sandy Kutch soil to evaluate the liquefaction characteristics at different relative
densities. The undrained response of five specimens was studied at a relative density
ranging from 20 to 100%. The peak deviatoric stresses of the specimens increased
with relative density. The test results showed that at relative densities of 20–60%,
the sandy soil specimens showed intense strain softening and a large susceptibility
to static liquefaction. In this density range, IB, CP, and LP were are all compa-
rable and close to 0.9 or above. The soil specimens displayed a contractive response
during shearing which was captured by all the liquefaction indices. At relative densi-
ties of 80% and above the soil specimens exhibited an increasing dilative behavior.
The liquefaction indices decreased significantly, indicating an increasing resistance
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toward static liquefaction. It should however be noted that even at a relative density
of 100%, the specimens still showed some loss of strength, though much lesser than
the looser states. This reveals the inherent tendency of the soil, under investigation,
to undergo static liquefaction.

The analysis of the test results from the study showed that the Fatehgarh dam
soil under investigation has a high susceptibility to liquefaction over a wide range
of densities. The current study was however limited to the effect of relative density
on static liquefaction characteristics of the soil, but practically liquefaction is also
influenced by other factors such as fines content and plasticity index of the soils.
A study of all these parameters is necessary to conduct any risk analysis associated
with static liquefaction for Kutch soils.
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Addressing Influence of Prefabricated
Vertical Drains in Liquefaction
Resistance Under Multiple Shaking
Events

Gowtham Padmanabhan and Ganesh Kumar Shanmugam

Abstract Soil liquefaction and its associated ground failures during earthquake is
one of the major potential hazards in recent years. The important aspect of geotech-
nical earthquake engineering is to mitigate liquefaction and its associated effects for
assuring the safety of foundations. Tomitigate liquefaction, there are different ground
improvement techniques available and installation of prefabricated vertical drains is
one such recently developed improvement technique which involves installation of
PVDs for dissipating porewater pressures. The present study aims to evaluate the effi-
ciency of prefabricated vertical drains reinforced ground subjected to repeated accel-
eration loading conditions. Shaking table tests were performed on poorly graded sand
with varying ground density conditions subjected to repeated incremental accelera-
tion loading with and without PVD system. For experimental investigations, ground
having 600 mm depth was prepared with 40 and 60% relative density. Prefabricated
vertical drains were then installed at triangular pattern having c/c spacing of 200mm.
Then the ground was subjected to repeated incremental acceleration loading of 0.1,
0.2, 0.3, and 0.4 g with 5 Hz frequency. In repeated shaking events, subsequent accel-
eration loading was applied only after complete dissipation of generated pore water
pressure from previous loading. The effect of pore pressure response, liquefaction
resistance, and improvement in soil density with and without prefabricated vertical
drains was continuously monitored and estimated. The efficiency of PVD improved
ground subjected to repeated acceleration loading was assessed and the results were
presented.

Keywords Liquefaction · Ground improvement techniques · Prefabricated vertical
drains · Repeated acceleration loading
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1 Introduction

Soil liquefaction and its associated ground failures during earthquake is one of the
major hazards in recent years. To improve liquefaction resistance, ground improve-
ment techniques such as stone columns, sand compaction piles, prefabricated vertical
drains (PVDs), and permeation grouting have been used successfully and reported.
Use of PVD for improving liquefaction resistance is recently getting importance due
to its ease in installation and its draining characteristics. Installation of prefabricated
vertical drains in sands induces improvement in density and drainage characteristics.
This resulted in settlement reduction and increases the rate of dissipation of excess
pore pressures [1, 10]. Even though, installation of PVD improves liquefaction resis-
tance reasonably, studies relating to their performance evaluation under repeated
acceleration loading conditions were limited. The present study aims to evaluate the
efficiency of PVD reinforced ground subjected to repeated incremental acceleration
loading conditions using uni-axial shaking table tests.

The liquefaction potential of sands has been evaluated by many researchers in the
past through reduced scale models in centrifuge modeling and 1-g shaking table tests
[2, 3, 8, 12, 13, 15]. The liquefaction studies on a shaking table tests prepared with
large saturated samples offer many advantages when compared to other small-scale
laboratory experiments and be highly helpful for evaluating liquefaction potential of
sands [11]. Especially, the effect of drainage conditions on the liquefaction induced
deformations was studied using the shaking table tests [7]. Even though studies
on PVD for improving liquefaction resistance were available, studies relating to
their performance evaluation under repeated dynamic conditions (i.e., same ground
subjected to repeated acceleration of higher intensity or lower within limited time)
were limited.

Tovalidate incidenceof earthquake is difficult due to its complexity.The frequency
and return period of the earthquake cannot be predicted. The recent continuous
ground-shaking events due to earthquake and its associated foreshock/aftershock
movements observed in New Zealand, 2010–2011; Japan, 2011; Nepal, 2015;
Kumamoto, 2016; Indonesia, 2018 and Canada, 2019 suggested that there is a possi-
bility for multiple seismic events that can occur at a particular location. Considering
the above multiple shaking events, repeated incremental acceleration loading condi-
tions were selected in this study [4]. The experiments were conducted in liquefiable
soil using 1-g shaking table tests with and without prefabricated vertical drains. The
performance of PVD improved ground subjected to repeated acceleration loading
was assessed and presented.

2 Testing and Methodology

The shaking table tests are performed on poorly graded sand collected from solani
river bed, near Roorkee. The index properties of the sand are given in Table 1. The
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Table 1 Index properties of
the solani sand

S. no. Property/characteristic Value

1 Soil type Poorly graded sand

2 Specific gravity of grains (G) 2.67

3 Uniformity coefficient (Cu) 2.63

4 Coefficient of curvature (Cc) 1.14

5 Grain size D50 0.23 mm

D10 0.09 mm

6 Maximum void ratio (emax) 0.87

7 Minimum void ratio (emin) 0.64

8 Relative density considered
(Dr)

40%

60%

9 Void ratio (e) for Dr = 40% 0.80

10 Dry unit weight for Dr = 40% 14.5 kN/m3

11 Void ratio (e) for Dr = 60% 0.76

12 Dry unit weight for Dr = 60% 14.88 kN/m3

obtained grain size distribution curve is falling within the range of gradation for
liquefiable sand [14] indicating that the soil is more susceptible to liquefaction. The
solani river sand is classified as poorly graded sand (SP) according to Indian standard
[5, 6].

The liquefaction experiments are carried out on a uni-axial shaking table available
at CSIR-CBRI, Roorkee having a payload capacity of three tons. The uni-shaking
table can produce one-dimensional harmonic excitation at varying amplitudes (0.05–
1g) under dynamic load frequencies (0–10Hz).A transparent acrylicmodel container
of size 1400× 1000× 1000mmwas used for the studies. The tank was mounted and
connectedwith the shaking table and then preparation of sand deposit was carried out.
The amplitude acceleration and dynamic load frequency can be fixed depending on
experimental test conditions. Using glass tube piezometers, the pore water pressure
was measured. The piezometers were installed at 200 and 400 mm from the bottom
of the tank. The prepared sand bed was shown in Fig. 1.

The occurrence of continuous ground shaking due to earthquake and associated
aftershock movements developed necessity in understanding the behavior of lique-
fiable ground subjected to repeated shaking events. To simulate repeated earthquake
events, application of incremental sequential acceleration loading in sinusoidalwave-
form having acceleration 0.1, 0.2, 0.3, and 0.4 g at 5 Hz constant frequency was
selected and applied. The acceleration amplitudes are selected in such a way that it
representing medium to severe earthquake condition.

To evaluate liquefaction resistance of the prepared model ground at 40% and
60% relative density; next acceleration loading was applied only after complete
dissipation of generated excess pore water pressure from previous loading. Using
glass tube piezometers, the generated excess pore water pressure and time take for
dissipation of pore water pressure was estimated. Then next incremental sequential
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Fig. 1 Prepared sand bed for the desired relative density

loading was applied following the same procedure as mentioned above. Before and
after acceleration loading, generated excess pore water pressure and variation in
relative density of the soil bed were estimated.

2.1 Prefabricated Vertical Drains

A prefabricated vertical drain is a special type of geo-composites, composed of
plastic core covered with thin layer of geotextile. The vertical drains are available
in the form of roll with 100 mm in width and 4 mm thickness. The commercially
available vertical drains will have a maximum length up to 30 m. Vertical drains are
installed to the required depth with the help of specially designed installation rig.
When the vertical drain is reached to the desired depth, the installation rig is to be
withdrawn. As the installation rig is pushed downward and upon its removal once
the drain is in place, it disturbs the soil surrounding the drain producing shear strains
and displacement that decrease its hydraulic conductivity [9]. With all other testing
procedure and methodology remains the same. The prepared sand bed is installed
with the 10 numbers of prefabricated vertical drains with 200 mm center to center
spacing in the triangular pattern as shown in Fig. 2.
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Fig. 2 Installation of prefabricated vertical drains in triangular pattern

3 Results and Discussions

3.1 Effect of Pore Water Pressure

In this section, effect of excess pore water pressure under sequential incremental
loading for both untreated and treated conditions was discussed. As mentioned in
previous section, the sequential amplitude acceleration loading was applied to the
prepared soil bed incrementally, i.e., 0.1, 0.2, 0.3, and 0.4 g at 5 Hz frequency only
after achieving complete dissipation of generated excess pore water pressure from
previous loading.

Vertical drains perform much better than untreated ground in resisting the gener-
ation of pore water pressure. No pore water pressure was generated at 0.1 g accel-
eration loading for 40% density ground. Similarly, at 60% density, no excess pore
water pressure was generated up to 0.2 g acceleration loading. Thus, installation
of PVD effectively minimizes generation of pore water pressure. However, under
repeated loading and due to soil densification due to repeated shaking generation of
pore water pressure was absorbed for the PVD reinforced ground. It can be seen that
the generation of excess pore water pressure is maximum at the bottom than at top
location in all the testing conditions. This may be due to the initial mean effective
stress at bottom is higher than effective vertical stress at top. The overburden pressure
is also found to be higher at the bottom and lower at the top piezometer.
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When compared to reinforced ground, the unreinforced ground liquefies rapidly
even at 0.1 g acceleration whereas PVD performs effectively at 0.1 g with no lique-
faction occurrence for 40% relative density and the same result has been observed for
0.1 and 0.2 g amplitude accelerations for 60% relative density. Though vertical drains
are fully successful in resisting the generation of pore water pressure, some traces
of ground softening are observed during the earthquake shaking. Comparatively, the
generation of pore water pressure found to be minimum than unreinforced ground
and vertical drains effectively mitigating liquefaction. From Figs. 3, 4, 5, 6 and 7,
it is found that, both the unreinforced ground and reinforced ground subjected to
incremental continuous acceleration, the generation of pore water pressure is found
to higher in unreinforced ground.

The generation of excess pore water pressure in both unreinforced and reinforced
ground subjected to repeated loading suggesting that, even though improvement in
density occurred due to continuous shaking, still there is a possibility for liquefaction
under high-intensity earthquakes. However, the generated pore water pressure was
found to be lesser for PVD improved system. Installation of PVD minimizes gener-
ation of pore water pressure during initial acceleration loading, however at higher

Fig. 3 Variation of excess pore water pressure with time for 0.2 g acceleration for 40% relative
density for both treated and untreated conditions

Fig. 4 Variation of excess pore water pressure with time for 0.3 g acceleration for 40% relative
density for both treated and untreated conditions
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Fig. 5 Variation of excess pore water pressure with time for 0.4 g acceleration for 40% relative
density for both treated and untreated conditions

Fig. 6 Variation of excess pore water pressure with time for 0.3 g acceleration for 60% relative
density for both treated and untreated conditions

Fig. 7 Variation of excess pore water pressure with time for 0.4 g acceleration for 60% relative
density for both treated and untreated conditions

acceleration, i.e., 0.3 and 0.4 g the generation of pore water pressure found to be
increase but still the system performs better compared to unreinforced ground.
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3.2 Effect of Relative Density

In this section, effect of relative density under sequential incremental loading for
both untreated and treated conditions was discussed.

To compare soil compression with generated excess pore water pressure and
pore pressure ratio under undrained conditions, the effect of relative density under
incremental acceleration loading conditions is discussed in this section as shown in
Figs. 8 and 9. The variation in density before and after application of incremental
sequential acceleration loading was evaluated using digital static cone penetrometer.
For 40% relative density, variation in relative density of the sand deposit attained is
found to be 20%, 15%, 8%, and 2% greater for 0.1 g, 0.2 g, 0.3 g, and 0.4 g amplitude
accelerations respectively for treated soil deposits when compared to untreated soil
deposits. For 60% relative density, variation in relative density of the sand deposit
attained is found to be 10%, 8%, 6%, and 3% greater for 0.1 g, 0.2 g, 0.3 g, and
0.4 g amplitude accelerations respectively for treated soil deposits when compared
to untreated soil deposits. The improvement in density suggesting that, ground bed
subjected to repeated acceleration loading experiencing improvement in density.
Under undrained conditions, the improvement in density induces generation of pore
water pressure initiating liquefaction. Comparatively, PVD installed ground offer

Fig. 8 Variation in relative density for 40% relative density for varying accelerations and ground
conditions

Fig. 9 Variation in relative density for 60% relative density for varying accelerations and ground
conditions
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effective drainage characteristics andminimize generation of porewater pressure and
due to combined densification and drainage effects no liquefaction was absorbed at
0.1 at 40% and 0.1, 0.2 g at 60% density conditions. At higher acceleration loading,
generation of pore water pressure was absorbed suggesting that, area replacement
ratio should be selected properly such that, the performance of the system can be
improved further thereby improving the liquefaction resistance against liquefaction.
The variation of excess pore water pressure due to increased relative density was
shown in Figs. 3, 4, 5, 6 and 7 for both treated and untreated sand deposits.

4 Conclusions

• Installation of prefabricated vertical drains minimizes generation of excess
pore water pressure and also improves rate of excess pore pressure dissipation
compared to untreated sand deposits even under repeated shaking events.

• Installation of PVD to liquefiable soils improves the stiffness of the soil which
minimizes foundation settlement. The stiffness of the saturated sand deposit is
observed through the increased relative density in treated sand deposits compared
to untreated sand deposits.

• Drainage characteristics in PVDsystem found to be very effective inmitigating the
liquefaction. Installation of prefabricated vertical drains increases relative density
and reduced compressibility.

• The installation of vertical drains is found to be very effective at 0.1 g amplitude
accelerations for 40 and 60% relative density and up to 0.2 g acceleration loading
for 60% relative density. Under higher acceleration loading, generation of pore
water pressure was absorbed. However, comparatively, ground bed with PVD
shows lesser generation of pore water pressure than untreated ground.

• Selection of suitable ground improvement technique in liquefiable soils plays a
major role in improving safety of major infrastructure facilities.
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Effect of Stress Reversal in Cyclic
Instability: A DEM Study

Rohini Kolapalli, Md. Mizanur Rahman , Md. Rajibul Karim ,
and Hoang Bao Khoi Nguyen

Abstract Cyclic Instability, CI is one of the most catastrophic disasters that occur
in geotechnical engineering under cyclic loading conditions. This can arise in
many forms and is dependent on cyclic loading pattern. To investigate these failure
patterns, a series of undrained cyclic triaxial discrete element method, DEM simula-
tions were performed on loose state of granular materials by employing different
loading patterns such as stress reversal, SR and non-stress reversal, NSR condi-
tions. The amplitude of cyclic deviatoric stress, qcyc was chosen in such a way
that SR/NSR conditions occur. Resistance to liquefaction could either increase or
decrease depending on the type of loading pattern and failure behaviour. Therefore,
the effect of loading pattern on cyclic liquefaction behaviour was evaluated with
DEM simulations on an assembly of spherical particles. In addition to macro-study,
this study will help in capturing micromechanical parameters such as coordination
number CN and fabric F under different loading patterns.

Keywords Cyclic stress reversal · Loading pattern · Fabric · Coordination number

1 Introduction

Liquefaction has gained significant research interest after the Niigata and Alaska
earthquakes in 1964 where wide spread soil liquefaction was observed. Since then
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liquefactionphenomenonand respective devastating effectswere brought to the atten-
tion of engineers and seismologists. Hyodo et al. [1] noticed that the loose specimens
under SR conditions exhibit flow liquefaction, FL while residual deformation failure,
RDF was observed under NSR conditions. Yang and Sze [2] observed that failure
modes of specimens prepared frommoist tampingmethod always exhibitedFL under
both SR and NSR conditions. Vaid and Chern [3] noticed a sudden development of
strain, εd accumulation andporewater pressure,�u generation during cyclic shearing
which was referred as point of onset of flow deformation. Hyodo et al. [4] discovered
that the flow deformation during cyclic loading was associated with strain-softening
behaviour observed in monotonic tests.

However, most of these studies related to liquefaction susceptibility have been
limited to controlled laboratory tests on reconstituted specimens. Therefore, current
study adopts an alternative approach, discrete element method, DEM where it is
quite capable in reproducing similar soil for exploring the effect of loading pattern
on undrained behaviour of granular materials under cyclic loading. Therefore, the
primary objective of this study is to explore the significance of loading pattern on
failure mechanism and liquefaction resistance on loose state of the material.

2 Discrete Element Method, DEM

DEM, initially proposed by Cundall and Strack [5], has been widely used to predict
the behaviour of granular materials. Sitharam [6] conducted 2D DEM simulations
for exploring the microstructure evolution of granular materials during undrained
cyclic loading considering different influential factors such as constant stress and
strain amplitudes. Kuhn et al. [7] conducted undrained cyclic shearing simulations
by considering seismic shearing pulses with non-uniform amplitudes. Huang et al.
[8] explored the effect of confining pressure, p′

0 and cyclic deviatoric stress, qcyc
on undrained cyclic behaviour of saturated granular materials using DEM. Recently
Huang et al. [9] demonstrated DEM’s ability in capturing the flow deformation of
sands sheared under both monotonic and cyclic undrained loading conditions.

DEM allows user to capture the micromechanical quantities (e.g. fabric, particle
contacts) of granularmaterials, which affects the overall observed behaviour. Coordi-
nation number, CN and Fabric, F were the two parameters that allowed us to capture
the micromechanical quantities of granular material which affected the behaviour of
sand under cyclic triaxial loading conditions. Rothenburg and Bathurst [10] defined
CN = (C × 2)/N; where C is the total number of contacts and N is number of parti-
cles in the specimen. CN is often correlated to stability of a soil specimen. Fabric
is another micromechanical parameter where structural anisotropy can be captured.
Satake [11] first proposed the following equation for the structural anisotropy

F = Fi j
1

N

N∑

k=1

nki n
k
j (1)
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where nk is the direction of the kth contact and N is the number of contacts in the
specimen. In the current study, von Mises Fabric, FvM was used for measuring the
scalar quantity which is equal to (3FJ2D)

1
2 , where FJ2D is the invariant of the second

invariant of the deviaotric fabric tensor and is given below.

FJ2D = 1

6

[
(F11 − F22)

2 + (F11 − F33)
2 + (F22 − F33)

2
] + F2

12 + F2
13 + F2

23 (2)

where F11, F22 and F33 are the fabric in the principal directions and F12, F13 and F23

are the fabric in the shear directoins.

3 DEMModel

Linear contactmodel is implemented in the current cyclic triaxial simulations in order
to reduce the complexity and computational demand. Nguyen et al. [12] suggested
a set of DEM parameters for linear contact model for warranting the numerical
stability of the simulations. The same set of model parameters were used in the
current study. Hence the particles are assigned a normal contact stiffness of 108 N/m,
ratio of tangential to normal contact stiffness of 1.0, coefficient of friction at particle
contacts of 0.50. Following other studies [13, 14], the particle density was scaled up
to 9.76 × 108 kg/m3 to reduce computational effort. As this DEM study considered
periodic boundary so it resembles the laboratory condition.

4 Assembly Generation

OVAL, an open-source program, is used for DEM simulations. The numerical
program in OVAL which was implemented by Kuhn [15] and has been used in
some other studies of granular material [16–18]. In this study, three-dimensional
cyclic undrained loading simulations were performed on assemblages of spherical
particles [15]. Initially, the particles were generated using a random number gener-
ator function with respect to the desired particle size distribution, PSD as depicted
in Fig. 1. These particles were then randomly distributed over a pre-defined space
without any overlaps. Then the assembly was compressed to the initial confining
stress of p′ ≈ 20 kPa using servo control mechanism. The specimen at this state was
13.7 mm × 13.7 mm × 13.7 mm consisting of 2744 spherical particles. An example
of the assembly of particles is shown in Fig. 1.

It should be noted that the shapes of triaxial specimens in the laboratory were
cylindrical andDEMassemblieswere cubic. It is expected that under ideal conditions,
these should exhibit identical behaviour. The main purpose of the current study is to
capture the qualitative behaviour.
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Fig. 1 Grain size
distribution
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5 Testing Program

Four similar soil specimens were generated by compressing the generated assembly
to a desired e0 of 0.658 and confining stress, p′

0 of 91 kPa. Testing program includes
two forms of cyclic loading: one-way cyclic loading in compression,OWC, two-way
cyclic loading, TWC. In order to examine the impact of SR, different amplitude of
cyclic deviatoric stress, qcyc were chosen in such away that SR/NSR conditions occur.
where subscript “0” denotes the state after consolidation. In addition, monotonic
triaxial DEM simulation was also conducted and the test results are compared with
cyclic loading.

5.1 Results

The cyclic shearing behaviour of granularmaterials under SR andNSR has significant
influence on the failure mechanism, pore water pressure �u generation, strain εd
accumulation. In addition to this, these simulations also explored the effect of loading
pattern on cyclic instability (CI) atmicro-level through coordination number,CN and
Fabric, F.

One-Way Cyclic Loading, OWC. Specimen (C_01) with an e0 = 0.658, p′
0 =

91 kPa, is sheared under one-way cyclic loading OWC with a qcyc of 40 kPa in
compression where there is NSR. As a result, the specimen exhibited a typical
response of loose sand which is traditionally termed as residual deformation failure,
RDF. During this failure effective stress, p′ decreasedwith the increase in the number
of loading cycles, N gradually, without abrupt loss of p′ Fig. 2a. �u increased with
the increase in N and eventually reached residual pore water pressure, �ures which
is approximately equal to p′

0. There was no significant amount of εd noticed during
early stage of shearing Fig. 2b, d. Later εd kicks off which is defined as onset of
flow and eventually large deformation has occurred. Limited flow observed in the
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Fig. 2 Undrained behaviour of one-way cyclic loading on compression e0 = 0.658, p′
0 = 91 kPa:

a q − p′ path b q − εd c �u − N d εd − N e CN-N f FvM−N and g d2W−NL spaces

current simulations is similar to limited liquefaction [19]. Instability line, IL is a
line formed by joining the peak point of the undrained monotonic effective stress
path, ESP (M_01) and the origin of the stress space as depicted in Fig. 2a. When the
cyclic ESP approaches the IL, an increased leftward shift of ESP is noticed, which
is associated with accumulation of �u as depicted in Fig. 2b, d. This emphasizes
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link between monotonic and cyclic loading. In the last few cycles, ESP moved up
and down along the straight path through the origin of q − p′ space, i.e. denoted
as M line which is obtained from monotonic tests (M_01) see Fig. 2a. It seems to
be safer to consider the point of onset of flow which is around 1.5th loading cycle
for defining liquefaction resistance when compared to pore water pressure criteria
which is at around 2nd loading cycle.

CN decreases gradually with cyclic shearing till it reaches point of onset of flow.
But later as there is no abrupt loss of effective stress hence CN fluctuates with the
increase in loading cycles (Fig. 2e). FvM changed gradually with the increase in the
number of loading cycles and it increases abruptly at around 1.5th loading cycle
which can be defined as point of onset of flow at micro-level. Soon after this cycle a
significant rise in FvM is noticed (see Fig. 2f).

Hill proposed second-order work [20] for evaluating the stability of granular
materials, i.e. a granular material is stable only when d2W > 0. This is referred as
Hill’s condition of instability and has been found effective for defining the instability
of sands subjected to constant shear stress loading conditions in both laboratory tests
[21] and DEM simulations [22]. Figure 2g demonstrates defining onset of flow by
using hill’s condition of instability. d2W is small and positive before reaching the
point of onset of flow. Later d2W < 0 representing the point of onset of flow (Fig. 2g),
which indicates a high unstable state.

Two-Way Cyclic Loading, TWC. Specimen C_02 and C_03 with same e0 = 0.658
and p′

0 = 91 kPa when subjected to TWC with two different amplitudes of cyclic
deviatoric stress, qcyc = 20 kPa and 40 kPa respectively where SR occurs. Due to
the presence of SR conditions, two specimens (C_02 and C_03) manifested limited
flow flowed by cyclic mobility, LF → CM. This behaviour is referred as a hybrid
failure mode where LF and CM are observed together. LF is noticed at around 1st
and 12th loading cycle for qcyc = 40 kPa and 20 kPa respectively (Fig. 2a). But
later which is followed by cyclic mobility where p′ transiently reaches zero effective
stress but with an abrupt accumulation of large εd (Fig. 3a, b, d). At this point,
an increase in leftward shift of cyclic ESP is noticed where �u started to build up
suddenly and eventually reached �ures which has led to transient softening and the
same is presented in Fig. 3c. This CI can be triggered from the IL obtained from
the monotonic tests (M_01). Cyclic ESP crosses the IL on compression side and
hence failed on compression side, when sheared under qcyc = 20 kPa and cyclic ESP
crosses the IL on extension side and hence failed on extension side, when sheared
under qcyc = 40 kPa as depicted in Fig. 3a, b.

CN and FvM evolved during cyclic shearing helped us in evaluating the point of
onset of flow (Fig. 3e, f). At this point, contact density decreased substantially leading
to decrease in effective stress. As a result, loss of average coordination number (see
Fig. 3e) occurs and hence effective stress decreases causing �u to increase.

Hill’s condition of instability was also evaluated for its suitability in defining the
point of onset of flow for LF →CM. d2W is very small and positive till it reaches the
point of onset of flow. d2W < 0 at the point of onset of flow see Fig. 3g. A significant
change of FvM was noticed at around 1st and 13th loading cycle for a qcyc = 40
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Fig. 3 Undrained behaviour of TWC on e0 = 0.658, p′
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kPa and 20 kPa, respectively, which had led to abrupt increase in �u, triggering
point of onset of flow is clearly observed at micro-level through FvM and CN. A
significant increase in FvM is noticed immediately after the point of onset of flow
where a significant drop in CN is noticed indicating unstable state of the specimen
(Fig. 3e, f), respectively.
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6 Conclusion

This study aims at exploring the effect of stress reversal on cyclic instability at micro
and macro-level. The following were the significant findings from the current study.

(1) Effect of loading pattern altered the failure mechanism. Specimen when
subjected to one-way cyclic loading, OWC exhibited residual deformation
failure (RDF) whereas under two-way cyclic loading, TWC (presence of SR)
demonstrated limited flow followed by cyclic mobility, LF → CM.

(2) Failure on the compression side occurs when cyclic ESP intersects monotonic
compression stress path prior tomonotonic extension path and vice versa. Hence
there exists a link between monotonic and cyclic loading.

(3) Instability line on compression and extension sidewhich is obtained frommono-
tonic tests formed a boundary for defining the failure plane for specimen under
cyclic loading conditions. This highlights the link betweenmonotonic and cyclic
loading.

(4) Specimen with OWC where there is NSR reached its initial liquefaction point
at 2nd loading cycle whereas specimen with TWC in the presence of SR with
same qcyc reached initial liquefaction point in 1st loading cycle. This explains
specimen subjected to SR has less liquefaction resistance when compared with
that of NSR.

(5) Hill’s condition of instability found to be suitable for analysing point of onset
of flow for both RDF and LF → CM.
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Examination and Appraisal
of Liquefaction Vulnerability Between
Idriss–Boulanger Method
and Andrus–Stokoe Method

Manali Patel , Tejas Thaker , and Chandresh Solanki

Abstract The occurrence of pore pressure build-up due to earthquake subsequent
with the harm of soil strength is known as liquefaction. The outcome of soil liquefac-
tion on existing structures can be extremely disastrous. Buildings foundations rested
directly on sand are prone to liquefy easily and hence lose the support, which upshots
in severe and uneven settlement of the structure causing structural damage. Liquefac-
tion potential is a term to specifywhether the soil will liquefy or not. As per Bureau of
Indian Standards, Ahmedabad region falls under moderate zone of earthquake hence
there is a prodigious need of consideration of liquefaction potential. Around 1200
bore log datawere collected from several laboratories likeKCT consultancy, Ahmed-
abadMunicipal Corporation,Anandjiwala laboratory, andGeotech Soil Testing labo-
ratory. The soil layers of the Ahmedabad city are frequently loose alluvial soil and
clayey sandwhich are more susceptible to liquefaction. The aim of present study is to
relate the liquefaction potential by consuming two field test methods that are SPT-N
value and shear wave velocity (V s). The core objective behind the current study is
to link and evaluate the liquefaction potential for Ahmedabad region and to map the
liquefaction severity for the region on the basis of these two methods. Consuming
these subsurface statistics, quantifiable valuation of liquefaction potential has been
attempted and different hazard maps have been produced at different depths.

Keywords Pore pressure · Liquefaction · Earthquake · SPT-N value · Shear wave
velocity

1 Introduction

Liquefaction was defined in the simplified method [12] to a phenomenon in which
a cohesionless soil loses its strength during an earthquake and acquires a degree of
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mobility sufficient to permitmovements ranging from several feet to several thousand
feet. The city Ahmedabad falls under seismic zone III as per Bureau of Indian Stan-
dard 1893 [8]. Although the river Sabarmati in the Ahmedabad city is non-perennial,
it flows with a constant flow of water due to the construction of Sabarmati Riverfront.
Therefore, there are more chances of ground water table to come up. Moreover, the
city contains poorly graded sand and silty sand in the major areas which are prone
to soil liquefaction. Due to the present seismicity in the city, this study is aimed to
evaluate liquefaction potential and to develop the liquefaction hazard maps for the
region.

2 Theoretical Study

Seed and Idriss [12] have made very first attempt to investigate the soil liquefaction
potential. Afterward, many scientists [11, 13–15, 19] have updated the procedure for
determining soil liquefaction potential. To study the relationship between Liquefac-
tion Resistance and Shear Wave Velocity (V s), many studies have been carried out
by several researchers [2, 3, 9, 10, 16] based on several field tests, analytical study
[4, 17] and also the laboratory experiments [5, 6, 18]. At the small strain level, the
shear wave velocity which is the basic engineering property of any soil in the ground
response analysis is related to the shear modulus. By using the geophysical tests, soil
profiles can be generated without disturbing the soil. Thus, these non-destructive
tests have grabbed more attention for the evaluation of liquefaction resistance.

3 Methodology

The quantitative assessment of liquefaction potential was studied using two
approaches, namely Idriss and Boulanger [7] method and Andrus and Stokoe [1]
method. In the present study, for the Ahmedabad region the magnitude of earth-
quake is considered as 7.7 and subsequent surface peak ground acceleration is taken
as 0.16 g [8].

3.1 SPT-N Approach

Idriss and Boulanger [7] studied the several field-based procedures to assess the
liquefaction potential for soils like sand during earthquakes. They reviewed the orig-
inal simplified procedure proposed by Seed and Idriss [12] and found that cyclic
shear stresses (CSR) are the essential component in the liquefaction hazard analysis.
Further, in addition to CSR they have incorporated various new components and
proposed a new factor cyclic resistance ratio (CRR) based on clean sand condition
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using corrected (N1)60 values. Using these two parameters, factor of safety against
liquefaction was calculated as FOS = CRR/CSR. Finally, the liquefaction hazard
assessment was plotted using ArcGIS.

3.2 Shear Wave Velocity Approach

The shear wave velocity approach was originally proposed by Andrus–Stokoe in
1997 and subsequently Andrus has updated this approach in 1999 and 2000 [1, 3]. In
the revised procedure, they have corrected the penetration resistance for overburden
stress and so revised the shear wave velocity relations. Further, CRR was evaluated
using revised shear wave velocity relations proposed by Andrus and Stokoe [1].
Finally, factor of safety was calculated and plotted using revised CRR and CSR.

In both themethods, the liquefactionwas predicted by applying conditions as FOS
≤ 1 or FOS > 1. The factor of safety was evaluated for different depths as 0–3 m,
3–6 m, 6–10 m, and 10–15 m and liquefaction severity maps were generated. The
suitability and limitations of both the methods have been listed in Table 1.

Table 1 Suitability and limitations of Idriss and Boulanger [7] method and Andrus–Stokoe [1]
method

S. no. Idriss and Boulanger [7] method Andrus–Stokoe [1] method

1 This method uses the correlations to find
the shear wave velocity and hence it is
cheaper as it requires routine SPT tests
which are less expensive. Even it is easy to
collect borlog data from geotechnical
consultancies. Hence this method is
economic and beneficial to all

This method requires the field testing like
SASW and MASW which uses the costly
equipment. Hence it is the drawback for
many who can not afford such costly
equipment

2 Through this method, the detailed soil
classification can be achieved as it uses the
borlog data along with SPT values

Through this method, only stiffness of soil
can be achieved and hence soil can be
identified only in terms of stiff, medium,
soft, etc.

3 Through this method, the actual shear wave
velocity values can not be achieved as it is
obtained through the correlations

Through this method, the actual shear
wave velocity values can be achieved as it
is obtained directly through filed tests like
SASW and MASW

4 NA The major drawback of this method is that
the field testing like SASW and MASW
demands many site-specific requirements
which make site selection more difficult
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4 Results and Discussions

For the liquefaction hazard calculations, themomentmagnitude (Mw) and the surface
peak ground acceleration (PGA) values are the major input parameters. The extreme
earthquake of magnitude (Mw 7.7) was occurred at Bhuj city of Gujarat state in the
year 2001. Thus, in the present study, the moment magnitude (Mw) is taken as 7.7.
Since the study region lies in the seismic zone III [8], the value of peak ground
acceleration is considered as 0.16 g.

As per the soil reports collected from the various consultancies, the water table
found to be at shallow (up to 5 m) depths (Fig. 1). Looking to the scenario of water
table present in the city, there is a great need for the assessment of liquefaction
potential at least up to 15 m depth.

The Factor of Safety against liquefaction for Ahmedabad region has been evalu-
ated by two approaches as follows: (I) Andrus and Stokoe [1] method which is based
on Shear Wave Velocity and (II) Idriss and Boulanger [7] method which is based on
SPT-N value.

The locations like Kankaria, Ghodasar and Amraivadi in the central region and
Motera, Naranpura in the west region are likely to be liquefied at 0–3 m depth as
per the Andrus and Stokoe [1] method (Fig. 2) whereas in SPT-N-based Idriss and
Boulanger [7] method (Fig. 3), these areas are not susceptible to liquefaction.

Fig. 1 Ground water contour map of Ahmedabad region
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Fig. 2 Factor of safety distribution at 0–3 m depth by Andrus and Stokoe [1] method

From Figs. 4 and 5, it observed that in the central and east regions locations like
Saraspur, Relief Road, Madhupura, Ghodasar, Nehrunagar, Vastral, etc. are likely to
be liquefied at 3–6 m depth based on shear wave velocity method while as per SPT-N
method, these areas are not likely to be liquefied.

As illustrated in Figs. 6 and 7, it can be noted that the areas in the central, east, and
west regions are considered to be severe for liquefaction at 6–10 m depth from Shear
Andrus and Stokoe [1] method whereas the Vatva and Sola locations in the east and
west regions are likely to be liquefied as per Idriss and Boulanger [7] method.

For 15 m depth, the severity of liquefaction can be seen mainly in the central
region as per Andrus and Stokoe [1] method (Fig. 8) whereas the central region can
be found safe as per Idriss and Boulanger [7] method (Fig. 9).

5 Conclusions

In the present study, the liquefaction potential for the Ahmedabad city was assessed
using SPT-N value and shear wave velocity (V s) proposed by Idriss and Boulanger
[7] and Andrus and Stokoe [1], respectively. From these two methods, it can be
stated that Sardar Bridge, Paldi, Mirzapur in the central part, Vasna, Shyamal in
the western-central part, Kankaria, Amraivadi, Odhav, Vastral, etc. in the east and
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Fig. 3 Factor of safety distribution at 0–3 m depth by Idriss and Boulanger [7] method

Subhash Bridge, Madhupura, and Naroda GIDC in the north regions of the city
are likely to be liquefied on account of liquefied layers present at shallow depths
whereas Bodakdev, Visat-Koba Circle, Makarba and Sarkhej in the western region
and Dinesh Chamber, Saijpur Boga, Nikol in the north-east parts are having no risk
from liquefaction due to clayey layers at shallow depths. Therefore, the liquefaction
severity maps generated in the present study can be useful in the urban planning and
reducing risk from liquefaction through appropriate mitigation.
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Fig. 4 Factor of safety distribution at 3–6 m depth by Andrus and Stokoe [1] method
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Fig. 5 Factor of safety distribution at 3–6 m depth by Idriss and Boulanger [7] method
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Fig. 6 Factor of safety distribution at 6–10 m depth by Andrus and Stokoe [1] method
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Fig. 7 Factor of safety distribution at 6–10 m depth by Idriss and Boulanger [7] method



Examination and Appraisal of Liquefaction Vulnerability … 233

Fig. 8 Factor of safety distribution at 10–15 m depth by Andrus and Stokoe [1] method
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Fig. 9 Factor of safety distribution at 10–15 m depth by Idriss and Boulanger [7] method
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Effect of Gradation and Stress Ratio
on Liquefaction Response of Ennore
Sand

Homit Singh Pal, Majid Hussain, Aparna Shrivastava, and Ajanta Sachan

Abstract Liquefaction behavior of soil is governed by several factors such as grain
size, fines content, relative density, the magnitude of shear stress or strain, and
loading conditions. Cyclic stress ratio (CSR) is one of the most important param-
eters that govern the liquefaction potential of sands during seismic events. The
present experimental study investigates the effect of cyclic stress ratio on the lique-
faction response of cohesionless soil. Five different types of specimens (S1–S5) were
prepared including well-graded and poorly graded sands having definite propor-
tions of three commercially available grades of Ennore sand. Grain size distribution
(GSD) parameters such as coefficient of uniformity (Cu) and co-efficient of curvature
(Cc) were also determined for all the five specimens. A series of stress-controlled
cyclic simple shear tests were performed on these specimens prepared at 60% rela-
tive density over a wide range of CSR (0.1, 0.075, 0.05, and 0.03). The criteria for
the liquefaction initiation in the present study was chosen as ru = 1.0; where ru =
excess pore water pressure ratio. The number of cycles to liquefaction was observed
to increase with the reduction in CSR value for all five specimens. Well-graded
specimen (S4) exhibited more resistance toward liquefaction than uniformly graded
specimens (S1, S2, S3, and S5) at same CSR values. The shear modulus (G) of all the
specimens was observed to decrease with the reduction in mean particle diameter
(D50) for all CSR values.
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1 Introduction

Liquefaction is defined as the complete loss of shear strength during earthquake
shaking due to development of excess pore water pressure equivalent to confining
pressure. Factors affecting liquefaction characteristics include gradation, fines
content, void ratio, type of fines, plasticity index, etc. Liquefaction characteristics
have been evaluated by several researchers in the past. Pitman et al. [10] reported
reduced strain softening with increasing percentage of fines. Carraro et al. [2]
performed cyclic triaxial tests on Ottawa sand with non-plastic silt content varying
from 0 to 15%. Jiaer et al. [8] studied the liquefaction triggering criteria in detail.
Liquefaction susceptibility of sand-silt mixture and fine to coarse sand was inves-
tigated by performing monotonic and cyclic triaxial tests [1, 3]. Dinesh et al. [4]
explored the liquefaction potential of Sabarmati sand by performing stress-controlled
cyclic triaxial tests at various relative densities. Kwa and Airey [9] investigated the
effect of fines on liquefaction behavior of well-graded soils by performing mono-
tonic and cyclic triaxial tests. Zhang et al. [11] studied the liquefaction assessment
criteria by performing cyclic triaxial tests on loose and dense quaternary silt under
different CSR values. Some findings show an increase of liquefaction resistance with
increasing fines content. Doygun et al. [5] investigated the effect of fines content and
grain size of silica sand by performing monotonic and cyclic direct simple shear
tests. Eseller-Bayat et al. [6] investigated the coupled effect of relative density, fines
content, CSR and fines plasticity by performing stress-controlled cyclic simple shear
tests on sand with silt or clay. Hussain and Sachan [7] explored the dynamic behavior
ofKutch soils (Gujarat, India) under cyclic triaxial and cyclic simple shear conditions.
However, combined effect of loading conditions (CSR) and gradation on liquefaction
response is yet to be understood in detail. Therefore, the present study focuses on
the effect of gradation of Ennore sand on liquefaction characteristics at various CSR
values. The tests were conducted at stress-controlled cyclic simple shear conditions.

2 Material Properties

In the present study, Ennore sand of three different grades (S1, S2, and S3) was
used. Ennore sand is Indian Standard Sand used for assessing the quality of mineral
mixtures like cement, lime in the construction industry. Well-graded (S4) and poorly
graded (S5) samples of Ennore sand were prepared by mixing appropriate proportion
of the three standard grades I, II, and III (S1, S2, S3). Grain size distribution of five
samples (S1, S2, S3, S4 and S5) is shown in Fig. 1. The particle size of S1, S2, and
S3 varied from 2 mm–1 mm, 1 mm–500 µm, and 500 µm–90 µm, respectively. S4
consisted of S1, S2, and S3 in the proportion of 100: 90: 80. S5 comprised of S1, S2,
and S3 in the proportion of 100:10:80. The physical properties of the five specimens
such as mean particle diameter (D50), maximum void ratio (emax), minimum void
ratio (emin), void ratio of specimens tested (e), coefficient of curvature (Cc), and
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Fig. 1 Grain size distribution of Ennore sand samples with different gradation

Table 1 Physical characteristics of Ennore sand of different gradation

Sample D50 emax emin e Cu Cc

S1 1.5 0.46 0.38 0.412 1.45 1.11

S2 0.65 0.47 0.39 0.422 1.64 0.95

S3 0.29 0.5 0.36 0.416 1.94 1.03

S4 0.8 0.39 0.3 0.336 6.67 1.41

S5 1.1 0.36 0.28 0.312 5.65 0.45

coefficient of uniformity (Cu) are presented in Table 1. The specific gravity of the
Ennore sand was found to be 2.64 and was assumed to be same for all the specimens.

3 Specimen Preparation and Experimental Program

The present study was conducted by performing cyclic simple shear tests on Electro-
mechanically Dynamic Cyclic Simple Shear (EMDCSS) system. The cyclic simple
shear (CSS) setup is facilitatedwith three load cells of capacity 5 kNwith a resolution
of 0.1N, two axial and one horizontal LVDTswith a resolution of the order of 0.1µm.
The setup is capable of applying combinations of shear forces in the horizontal
direction and axial force in the vertical direction on the soil specimen. CSS tests were
performed on soil specimens of 70 mm diameter and 20 mm height. The specimens
were prepared by tamping dry soil mass equivalent to 60% relative density on a
base pedestal in an assembly of Teflon coated low friction steel rings surrounding a
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stretched latex membrane. The assembly was held tightly by a pair of clamps fixed
to the base pedestal, which in turn minimized the disturbance. Specimen along with
the base pedestal and the confining rings was mounted on the EMDCSS system.
The specimens were saturated by percolating de-aired water from the bottom of
the specimen at a seating pressure of 5 kPa. The saturated specimens were then
subjected to consolidation by applying vertical stress of 100 kPa. The rigid Teflon-
coated low friction confining rings ensure that the specimens were subjected to K0-
consolidation. After consolidation, the specimens were subjected to stress-controlled
cyclic loading at four different CSR, i.e., 0.1, 0.075, 0.05, and 0.03 at a frequency of
0.1 Hz.

4 Results and Discussions

A total of 20 cyclic simple shear tests were performed on different grades of Ennore
sand specimens (S1, S2, S3, S4, and S5) prepared at 60% relative density to investigate
the effect of gradation and CSR on the dynamic response. Effect of particle size
on the cyclic response of well-graded (S4) and poorly graded sample (S5) which
were prepared bymixing appropriate proportions of commercially available different
grades of Ennore sandwas explored. The testswere performedby varyingCSRvalues
from 0.1, 0.075, 0.05, and 0.03. CSR was defined as the ratio of cyclic shear stress
to that of initial normal stress (100 kPa). The state of liquefaction was reached as the
pore water pressure ratio (ru) attained value equal to 1.

4.1 Effect of Gradation on Hysteresis Response and Pore
Pressure Response of Ennore Sand at Various CSR
Values

The hysteresis response of Ennore sand with varying GSD at various CSR values is
shown in Fig. 2. At CSR= 0.1 and 0.075, rapid and large deformation was observed.
The total plastic strain accumulation was observed to be higher for S3 as compared
to S1. This behavior could be attributed to the increased percentage of fine sands in
S3 which would provide easier horizontal shear displacements as compared to S1.
Specimen S1 with coarse sand exhibited higher frictional resistance due to efficient
inter-locking. The hysteresis loop for S3 was observed to be wider compared to that
of S1 and S2. Therefore, S3 indicated higher energy dissipation as compared to S2
and S1. However, well-graded specimen (S4) indicated less accumulation of strain as
compared to S2 and S3. The behavior exhibited by S4 was observed due to the better
mobilization of shear stress owing to the compact configuration of the well-graded
specimen. This configuration could be attributed to the voids being filled by finer
sand particles (e = 0.336), which could provide added frictional resistance to the
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Fig. 2 Effect of gradation on hysteresis response of Ennore sand at different loading conditions.
a CSR = 0.1, b CSR = 0.075, c CSR = 0.05, d CSR = 0.03

specimen under cyclic loading. The added cyclic resistance was revealed in the form
of lower cyclic strains. The poorly graded specimen (S5) showed lesser shear strain
as compared to S1. At lower CSR value 0.05, the total strain accumulation for S1 and
S2 was 9%, however for the specimen S3, S4, and S5 the strain accumulation was low
almost insignificant as compared to S1 and S2. Further, at CSR of 0.03 specimens
exhibited very low shear strains.

Figure 3 shows the pore pressure response ofEnnore sand specimenswith different
gradation at various CSR values. It is evident that at higher level of shaking, i.e., CSR
= 0.1 and 0.075, the behavior was almost similar for all the specimens, S1–S5. All
the specimens attained liquefaction within two cycles when subjected to CSR of 0.1
and 0.075. However, at CSR = 0.05 and 0.03, the number of cycles to liquefaction
increased with increasing in the fine sand content of the specimens. At CSR= 0.05,
number of cycles to liquefaction was determined to be 5 and 12 for S1 and S3,
respectively. The increased liquefaction resistance could be attributed to the large
number of grain to grain contact in case of S3 due to large number of finer sand
particles. At CSR value of 0.03, the number of cycles to liquefaction of Ennore sand
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Fig. 3 Effect of gradation on pore pressure response of Ennore sand at different loading conditions.
a CSR = 0.1, b CSR = 0.075, c CSR = 0.05, d CSR = 0.03

was observed to be 54 and 145 for specimens S1 and S4, respectively. At this CSR
value, well-graded specimen S4 exhibited highest liquefaction resistance due to the
compact particle structure resulting from the wide range of particle sizes.

4.2 Effect of CSR on Hysteresis Response and Pore Pressure
Response of Ennore Sand with Different Gradation

Effect of CSR on hysteresis response of Ennore sand with varying gradation is
represented in Fig. 4. For S1, the total irreversible strain accumulation (14%) was
obtained to be higher as the CSR increased. The rate of accumulation of cyclic strains
was found to be higher at higher CSR values. The area of hysteresis loop could be
observed to be greater for the higher CSR values as compared to that at lower CSR
values indicating a relatively elastic response for specimens subjected to lower CSR
values. The total strain accumulation was determined to be 17% and 26% at CSR
= 0.1 for S2 and S3, respectively, which was higher as compared to S1 at the same
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Fig. 4 Effect of CSR on hysteresis response of Ennore sand with different gradation. a S1, b S2,
c S3, d S4, e S5
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CSR. Large accumulation of cyclic strain could be attributed to the higher initial
shear load causing the distortion of the soil structure subsequently leading to higher
total accumulated strain in all the specimens (S1, S2, S3, S4, and S5). For well-graded
sand (S4), the plastic strain accumulation was pronounced for CSR = 0.1 and 0.075
as compared to lower CSR values (0.05 and 0.03). At higher CSR, the change in
particle orientation within the soil skeleton made the soil more susceptible to shear
deformation and subsequently led to initial liquefaction.

Effect of CSR on accumulated pore pressure with number of loading cycles for
different gradations of Ennore sand is presented in Fig. 5. It is evident that the CSR
values lower than 0.075 the specimens exhibited significantly lower pore pressure as
compared to that at the higher CSR.

However, for well-graded specimens S4, the excess pore pressure generated was
observed to be lower and slower as compared to poorly graded specimen (S5) and
standard grade specimens (S1, S2, and S3). For specimen S4, more than 100 cycles
were required to reach pore pressure ratio equal to 1.

4.3 Effect of Gradation on Number of Cycles to Liquefaction

In the current study, liquefaction criteria were defined when the pore water pressure
ratio (ru) became 1. The number of loading cycles to liquefaction for different grada-
tions of Ennore sand specimens at different Cyclic Stress Ratio (CSR) is shown in
Fig. 6. At higher CSR value (0.1), the behavior of all the sand specimens (S1–S5)
was observed to be similar. However, at other CSR values of 0.075, 0.05, and 0.03,
the cyclic strength was found to be increased as the particle size was distributed
over a wider range. At CSR = 0.03, the number of cycles to liquefaction for S1 and
S4 was observed to be 64 and 145, respectively, indicating significant increase in
liquefaction resistance. The higher percentage of fine sand increased the liquefaction
resistance. Therefore, specimen S4 and S5 which have mixed proportions of different
size particles liquefied at higher number of loading cycles as compared to the coarser
specimens S1, S2, and S3 having uniform gradation, i.e., the particles of same size.
The fine sand particles have tendency to occupy the voids between the larger sand
particles which subsequently provides more frictional resistance to the soil mass and
resulted into higher cyclic strength subsequently higher liquefaction resistance.

4.4 Dynamic Properties

Dynamic properties were obtained from the hysteresis response of Ennore sand [7].
Figure 7 shows the variation of cyclic degradation index (δ) with number of cycles
for various Ennore sand specimens. The cyclic degradation index (δ) is defined as the
ratio of the shear modulus at N th cycle to that of 1st cycle. The value of δ decreased
with increasing number of loading cycles. At CSR value of 0.1, variation of δ with
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Fig. 5 Effect of CSR on pore pressure response of Ennore sand with different gradation. a S1, b S2,
c S3, d S4, e S5
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Fig. 6 Effect of particle
gradation on liquefaction
response of Ennore sand

Fig. 7 Effect of gradation on cyclic degradation index of Ennore sand at different loading
conditions. a CSR = 0.1, b CSR = 0.075, c CSR = 0.05, d CSR = 0.03
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the number of cycles is not actually representing the true because and it is evident
from the hysteresis response of all the specimens. The specimens at CSR value of
0.1 attained liquefaction within the first cycle resulting into large strain in the first
cycle itself. In the subsequent cycles, the strain level was not significantly different
than that of the first cycle. Hence, the values of δ evaluated were not representing
a true picture and actually underestimate the degradation of cyclic shear modulus.
However at CSR= 0.075 and 0.05, the rate of modulus degradation was found to be
higher with increased percentage of finer sand fraction as compared to that at that
CSR value of 0.03. Specimen S3 exhibited rapid degradation of δ as compared to S1
and could be attributed to the higher shear displacements of finer sand fraction. At
CSR = 0.03, the rate of modulus degradation was observed to be nearly similar for
all the specimens (S1–S5). This behavior could be attributed to the negligible shear
displacements with loading cycles observed in the hysteresis response. For all CSR
values, the shear modulus decreased with the increase in fine sand content due to
weaker inter-particle contacts between fine sand particles.

Figure 8 shows the variation of damping ratio (D) with number of loading cycles
for different gradations of Ennore. Damping ratio signifies the dissipation of energy

Fig. 8 Effect of gradation on damping ratio of Ennore sand at different loading conditions. a CSR
= 0.1, b CSR = 0.075, c CSR = 0.05, d CSR = 0.03
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under cyclic loading condition. At CSR = 0.1, 0.075, the damping was highly
pronounced till 2nd cycle, whereas it became almost constant for all the Ennore
sand specimens (S1–S5). This was because of higher plastic strain accumulation till
2nd cycle, after which there was not much strain accumulation as the specimens
liquefied by the second cycle at higher CSR values. At lower CSR = 0.05 and 0.03,
the damping ratio variation for specimens S1–S5 was found to be 2% till 100 loading
cycles. This was due to the lesser shear deformation with increase in loading cycles
at lower CSR values, which resulted into overlapped hysteresis loops. The signature
of the variation of δ and D with the number of cycles could be related to hysteresis
and pore pressure response of the specimens.

5 Results and Discussions

In the present study, liquefaction behavior of different gradation of Ennore sand was
explored at various CSR values under stress-controlled cyclic simple shear condition.
The following conclusion could be drawn from the study:

1. At higher CSR values of 0.1 and 0.075, the total plastic strain accumulation
was observed to be higher for S3 as compared to S1. At higher CSR value, the
total irreversible strain accumulation (14%) in S1 was obtained to be higher as
compared to lower CSR values.

2. At higher level of shaking, i.e., CSR = 0.1 and 0.075, pore pressure response
was almost similar for all the specimens (S1–S5). All the specimens exhibited
liquefaction within two loading cycles at CSR values of 0.1 and 0.075. However,
at CSR = 0.05 and 0.03, the number of loading cycles to liquefaction increased
with the increasing fine sand content.

3. At CSR= 0.1, 0.075, and 0.05, the rate of modulus degradation was found to be
higher with increasing percentage of finer sand fraction. At CSR= 0.03, the rate
of modulus degradation was similar for all the Ennore sand specimens (S1–S5).

4. At CSR = 0.1, and 0.075, the damping was highly pronounced till 2nd cycles
whereas it became almost constant for all the Ennore sand specimens (S1–S5). At
lower CSR = 0.05 and 0.03, the variation in damping ratio for specimens S1–S5
was determined to be 2% up to 100 loading cycles.
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Pore Pressure Response of Natural Soils
Under Various Testing Conditions

Majid Hussain and Ajanta Sachan

Abstract Soil behavior under undrained conditions is governed by several factors,
including soil density, fines content, plasticity index and loading conditions among
many others. Constitutive behavior of soil being pressure-dependent, the undrained
response of soils is dictated by the development of excess pore water pressure during
the applied loading. In this study, the pore pressure response of the natural Kutch soils
under monotonic compression triaxial (TX), cyclic triaxial (CTX), and cyclic simple
shear (CSS) conditions was investigated at their in-situ density. The explored soils
vary greatly in terms of gradation, fines content, and nature of fines. The development
of excess pore water pressure was compared under the three loading conditions and
was analyzed in the context of fines content and plasticity index of the soils. The
excess pore pressure ratio at peak stress for TXwas found to be lower than that during
the first cycle for both the CTX and CSS. However, at critical state, the excess pore
pressure ratio for TX was higher than that during the 5th cycle for CTX and CSS.
Under cyclic conditions, for a given number of cycles, the excess pore water pressure
ratio under CSS conditions was always higher than that under the CTX conditions,
signifying overestimation of liquefaction resistance as evaluated from the CTX tests.
With an increase in the fines content and plasticity index, excess pore water pressure
was observed to decrease under all the three loading conditions.

Keywords Pore pressure · Triaxial · Cyclic triaxial · Cyclic simple shear · Fines
content · Plasticity index · Kutch region

1 Introduction

Soil behavior under undrained conditions is governed by several factors, including
soil density, fines content, plasticity index and loading conditions amongmany others
[7, 8]. While density is the single most parameter affecting the response of cohe-
sionless soils, plasticity index plays a dominant role in governing the response of
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cohesive soils. Constitutive behavior of soil being pressure-dependent, the response
of soils is dictated by the magnitude and rate of volume changes and development of
excess pore water pressure under drained and undrained loading conditions. Under
undrained conditions, the findings available in the literature reveal that the devel-
opment of excess pore water pressure occurs only if the applied strains are higher
than a certain threshold [2]. Excess pore pressure is generated due to irreversible
changes in the microstructure of the soil at shear strains higher than the threshold
value. The shear-induced excess pore water pressure leads to a reduction in effective
stress and hence the reduced load-carrying capacity. The nature of the excess pore
water pressure development is dependent on the current material and stress states of
the soil mass. It could be contractive or dilative for loose and dense soils, respec-
tively. For loose sandy soils, the development of excess pore water pressure might
be nearly equal to the initial effective confining pressure. This extreme condition
subsequently leads to a state of liquefaction, a state in which the soils have nearly
zero shear strength. The state of liquefaction can be reached under both the mono-
tonic and cyclic loading leading to static and cyclic liquefaction, respectively. A
number of researchers have explored the undrained response of geomaterials with
focus on shear strength characteristics including liquefaction a well as cyclic degra-
dation. Both the liquefaction and the degree of cyclic degradation are governed by
the magnitude and rate of development of excess pore water pressure.Whereas cohe-
sive soils experience lower and slower pore pressure generation, cohesionless soils
display large and rapid development of the excess pore water pressure. The soils
in the Kutch region, due to predominantly cohesioneless nature, have experienced
large-scale liquefaction during past earthquakes including the 2001 Bhuj earthquake.
However, only a few studies have been devoted to exploring the engineering behavior
of the soils, particularly under undrained conditions. In other related studies by the
authors, the undrained response under monotonic and cyclic conditions was explored
[3, 4]. However, the pore pressure response of the soils under both the monotonic and
cyclic conditions remains to be explored. In this study, the pore pressure response of
Kutch soils under different loading conditions is studied.

Undrained behavior of 30 natural soils collected from 10 locations of the Kutch
region in Gujarat, India is explored under monotonic triaxial (TX), cyclic triaxial
(CTX), and cyclic simple shear (CSS) conditions.The soils explored consistedmainly
of silty-sand and clayey-sand. In this study, excess pore pressure response of the
saturated specimens under TX, CTX, and CSS testing conditions was evaluated as a
function of fines content (FC), plasticity index (PI), and grain size index (IGS). IGS
for soil was evaluated as the ratio of area under particle size distribution curve to the
area encompassed between 0.001 and 75 mm, extreme soil particle size [1].
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2 Materials and Methods

2.1 Material Properties

In the present study disturbed representative soil samples were collected from 10
locations from low lying Kutch region of Gujarat, India. A total of 32 samples were
collected by mechanical auger boring at depths ranging from 0.5 to 2.5 m. Hussain
and Sachan [3] provide a detailed account of the geotechnical properties of the soils
explored in the study. The soils had properties including dry density, water content,
particle size distribution, fines content, and plasticity varying over a wide range. The
basic geotechnical properties of the soils are presented in Table 1 [6]. While the dry
density of the Kutch soils varied from 13.37 to 17.71 kN/m3

, the fines content varied
from 11 to 83%. The plasticity index of the Kutch soils explored in the current study
varied from being non-plastic to 22.9%. Out of the 30 soils 16 were classified as
silty-sands, 9 as clayey-sands, 3 low plasticity clay, 1 high plasticity clay, and 1 as
low plasticity silt.

2.2 Testing Equipment and Specimen Preparation

The excess pore pressure response of the soils in the current study was investigated
under undrained triaxial, cyclic triaxial, and cyclic simple shear conditions. Moist
tamping technique was adopted for the specimen preparation at in-situ density for all
the three conditions [3, 4]. The specimens for TX and CTX were saturated by back
pressure saturation whereas for CSS conditions de-aired water under the influence of
gravity was percolated from the bottom of the specimen. However, the specimen size
was different in the case of CSS as compared to that of the TX and CTX tests (Fig. 1).
In the case of CSS tests, cyclic behavior of solid cylindrical specimens of diameter
70 mm and height 20 mm was explored whereas in TX and CTX the specimen
size was 50 mm in diameter and 100 mm in height. Figure 1 shows the comparison
of the specimen size used in the investigation of Kutch soils in the current study.
The schematic shows the relative specimen size and loading configuration for the
TX, CTX, and CSS conditions. For all the three conditions deformation controlled
loading was applied. For TX tests, monotonic loading was applied at a deformation
rate of 0.1 mm per minute. For CTX and CSS tests, the consolidated specimens were
subjected to cyclic loading of shear strain amplitude of 0.6% at a frequency of 0.1 Hz.
While the direction of loading for CTX was along the longitudinal axis, for CSS the
direction of loading was horizontal.
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+ +  

+

σc = 100 kPa

σc = 100 kPa

σv = 100 kPa

σh = K0 *σv

εa = 0.4%

γ = 0.6%

(a) (b) (c)

Fig. 1 Specimen size and loading configuration for various boundary conditions a TX, b CTX and
c CSS

3 Results and Discussion

3.1 Results

Figure 2 shows the relationship of excess pore pressure ratio (ru) with FC for the
specimens of Kutch soils under the conditions of TX, CTX and CSS. Pore pressure
response under monotonic compression loading at peak deviatoric stress could be
observed to be lower as compared to that of cyclic loading during the first cycle
(Fig. 2a). The ru values at peak deviatoric stress for TX conditions ranged from
0.15 to 0.57 with an average value of 0.43. For CTX and CSS conditions, ru values
during the first cycle were evaluated to be ranging from 0.04 to 0.80 and 0.16 to 0.91,
respectively. The corresponding average values for CTX and CSS conditions were
found to be 0.53 and 0.65 respectively. The ru values were observed to decrease with
increase in the FC. It is evident from Fig. 2 that the pore pressure generation is higher
during cyclic loading as compared to that during the monotonic loading. Further, the
magnitude and rate of pore pressure generation were observed to be higher under
CSS conditions as compared to those during CTX conditions. Specimens with lower
fines content exhibited higher ru values (Fig. 2). For a given FC it was observed
that specimens with non-plastic fines displayed higher and rapid development of
excess pore pressure. Figure 2b shows the relationship of ru values with the FC for
TX, CTX, and CSS conditions at the critical state and 5th cycle, respectively. It is
evident from Fig. 2b that the critical state pore pressure for TX conditions is higher as
compared to that at the 5th cycle for CTX and CSS conditions. For cyclic conditions,
the difference between the ru values at the 5th cycle was lower compared to that in
the first cycle. However, ru values were still higher for CSS conditions. The lower
difference between the two could be attributed to the lower liquefaction resistance
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Fig. 2 Variation of pore pressure ratio with fines content under various boundary conditions. a Peak
@ TX and 1st cycle @ CTX and CSS. b Critical state @ TX and 5th cycle @ CTX and CSS

where the sandy specimens liquefied within 5 cycles of cyclic loading. The pore
pressure values under TX, CTX, and CSS conditions for Kutch soils are presented
in Table 2. Among the cohesionless (silty-sand) specimens, ru values were strongly
influenced by the FC as compared to cohesive soils (clayey-sand) (Table 2). Figure 3
shows the relationship of excess pore pressure ratio with the PI for the specimens
of Kutch soils under TX, CTX, and CSS conditions. The ru values are same as in
Fig. 2, however, the values on the x-axis reveal a reduction of pore pressure ratio
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Table 2 Excess pore water pressure ratio under TX, CTX and CSS conditions for Kutch soils

Soil name FC (%) PI (%) Excess pore water pressure ratio, ru

TX CTX CSS

Peak Critical
state

1st cycle 5th cycle 1st cycle 5th cycle

S2 18 NP 0.46 0.96 0.75 0.96 0.91 0.99

S3 19 NP 0.48 0.96 0.67 0.89 0.87 0.98

S4 18 NP 0.57 0.92 0.70 0.90 0.81 0.93

S5 11 NP 0.53 0.96 0.79 0.96 0.81 0.95

S6 13 NP 0.52 0.98 0.80 0.95 0.87 0.97

S7 28 NP 0.51 0.95 0.67 0.90 0.85 0.97

S8 24 NP 0.49 0.89 0.69 0.90 0.84 0.95

S9 17 NP 0.45 0.97 0.74 0.95 0.88 0.96

S11 45 NP 0.51 0.95 0.59 0.84 0.62 0.84

S12 22 NP 0.46 0.95 0.78 0.97 0.87 0.98

S13 44 10.0 0.53 0.85 0.61 0.82 0.61 0.77

S14 49 11.4 0.34 0.75 0.16 0.35 0.16 0.76

S15 41 8.4 0.28 0.76 0.35 0.60 0.35 0.85

S16 19 NP 0.5 0.96 0.71 0.93 0.71 0.94

S17 25 NP 0.53 0.93 0.76 0.97 0.76 0.93

S18 10 NP 0.44 0.90 0.75 0.97 0.75 0.95

S19 42 22.9 0.5 0.73 0.36 0.64 0.43 0.69

S20 29 21.3 0.41 0.72 0.38 0.62 0.41 0.62

S21 24 11.7 0.41 0.80 0.38 0.60 0.37 0.57

S22 29 8.6 0.44 0.90 0.44 0.87 0.78 0.94

S23 65 28.6 0.2 0.76 0.09 0.17 0.26 0.43

S24 80 38.9 0.15 0.66 0.04 0.07 0.17 0.29

S25 83 NP 0.46 0.97 0.63 0.95 0.75 0.96

S26 95 28.6 0.21 0.70 0.09 0.13 0.20 0.37

S27 32 13.0 0.52 0.85 0.42 0.71 0.79 0.93

S28 21 16.3 0.46 0.85 0.36 0.80 0.79 0.95

S29 29 NP 0.44 0.96 0.73 0.97 0.79 0.95

S30 11 NP 0.48 0.98 0.72 0.96 0.88 0.99

S31 25 NP 0.37 0.96 0.73 0.95 0.81 0.95

S32 72 23.5 0.3 0.75 0.10 0.23 0.28 0.50
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Fig. 3 Variation of pore pressure ratio with plasticity index under various boundary conditions.
a Peak @ TX and 1st cycle @ CTX and CSS. b Critical state @ TX and 5th cycle @ CTX and CSS

with increasing PI. The variation of pore pressure with PI for all the three conditions
(TX, CTX, and CSS) shows that the soils with non-plastic fines (PI= 0) exhibit large
pore pressure values as compared to soils with some plasticity. The pore pressure
at peak deviatoric stress and critical state for TX conditions and at the 1st and 5th
cycles for CTX and CSS decreased rapidly with PI for cohesive soils. Figure 3b
displays that the non-plastic soils developed ru values higher than 0.89 and 0.85 for
monotonic and cyclic loading, respectively.
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Figure 4 illustrates the relationship between the pore pressure ratio and grain size
index (IGS) forKutch soils. Grain size index is a directmeasure of the range of particle
size distribution and is higher for well-graded soils as compared to the poorly graded
soils. For a given IGS value the development of pore pressure was higher under
monotonic compression loading as compared to the cyclic loading. Since by the
definition of IGS, it does not distinguish much about clean base sand and pure clay,

Fig. 4 Variation of pore pressure ratio with grain size index under various boundary conditions.
a Peak @ TX and 1st cycle @ CTX and CSS. b Critical state @ TX and 5th cycle @ CTX and CSS
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the data points lying low in Fig. 4b are those of cohesive Kutch specimens. The ru
values for Kutch soil specimens are lying between the bold and dashed vertical lines
which indicate the boundary for the potential liquefiable and most liquefiable soils,
respectively, it is therefore evident that the Kutch specimens due to their nature of
grain size distribution are highly prone to high pore pressure generation and hence
susceptible to liquefaction both the static and cyclic liquefaction.

3.2 Discussion

The test results indicated that irrespective of the loading condition large excess
pore pressureswere generated under undrained conditions for theKutch soils. Such ru
values are indicative of a large reduction in shear strength, which in extreme condi-
tions leads to static and cyclic liquefaction under monotonic and cyclic loading,
respectively. Owing to the generation of large excess pore pressures, cohesionless
soils from the Kutch region are highly susceptible to both the static and cyclic lique-
faction whereas cohesive soils are prone to large degradation in shear strength under
both the monotonic and cyclic loading. The detailed account of the static and cyclic
liquefaction characteristics of the Kutch soils under different loading conditions can
be found elsewhere, [3–5]. The pore pressure response as presented in Figs. 2–4 and
Table 2 reveals that for cohesionless soils, FC controls the magnitude and rate of pore
pressure generation whereas for cohesive soils it is the plasticity index that governs
the soil response. Hussain and Sachan [3, 5] describe in detail the mechanism and
effect of both FC and PI on the undrained behavior of Kutch soils.

4 Conclusions

Pore pressure response of natural Kutch soils from ten locations including five dams
under different loading conditions including TX, CTX, and CSS was explored in the
current study. The analysis of the test results revealed the following.

(a) Irrespective of the loading conditions Kutch soils exhibited very high pore pres-
sure response indicting large reduction in strength under both the monotonic
and cyclic loading subsequently leading to static and cyclic liquefaction.

(b) Fines content plays a decisive role in governing the pore pressure response in
cohesionless soils whereas in cohesive soils it is the plasticity index that dictates
the soil response.

(c) Under cyclic conditions, CSS results in higher pore pressure generation as
compared to that of CTX by a factor of approximately 1.3.

(d) The rate andmagnitude of pore pressure generated decreased with both the fines
content and plasticity index.
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Instability of Silty Sands Under Partially
Drained Conditions

Sheetal Gujarati, Aparna Shrivastava, Majid Hussain, and Ajanta Sachan

Abstract Instability in the soil element is its inability to sustain the alterations to
the current stress-state. The instability line (IL) or critical stress ratio line (CSR)
is the maximum stress-state achieved under undrained conditions, and the drained
failure envelope (DFE) is the line joining the origin and failure point under drained
conditions. The present experimental study involves the effect of effective stress ratio
(ESR) on the instability behavior of silty sands under partially drained conditions.
Isotropically consolidated compression (CIUC) triaxial tests were conducted on the
soil specimens prepared at in-situ dry density and moisture content. Four predefined
ESR (T1, T2, T3, T4) were selected such that two of them could depict the stress-
state corresponding to a region below IL (T1 and T2) and two of them could depict
the region between IL and DFE (T3 and T4). ESR of instability line (ηIS) for the
silty sand soil specimens was found to be 0.64. During shearing, the partially drained
conditions were imposed on the stress-state corresponding to the chosen ESR. It was
observed that the maximum effective stress-state in T1 and T2 was achieved after the
imposition of partially drained conditions followed by static liquefaction, whereas
T3 and T4 showed runaway instability, i.e., the deviatoric stress rapidly reduced
indicating the steep fall in stress–strain and q−p’ curves. Soil specimens with stress-
states corresponding to regions of potential instability showed runaway instability
under partially drained conditions, which were otherwise stable under completely
undrained conditions.
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1 Introduction

Instability is the inability of a material to carry load which subsequently results in the
failure of a soil mass. Liquefaction is a type of instability, which is expressed as the
complete loss of shear strength due to the rapid generation of excess pore water pres-
sure [12]. Several flow failures of slopes and embankments were studied in previous
researches, which were a result of static instability in soil masses before liquefaction
such as failure in San Fernando Dam and Fort Peck Dam [7, 11]. Pre-failure insta-
bility has been investigated experimentally under undrained conditions in studies of
static liquefaction of sands by several researchers [2, 10]. Experimental investiga-
tions involving triaxial tests [5, 11, 12] and plane-strain tests [4] were performed to
explore the onset of static liquefaction from instability line or collapse surface under
different boundary conditions. In all the problems, an assumption of completely
undrained conditions is made to understand the mechanism and consequences of
flow liquefaction or instability. But the instability in soil masses is also a function
of stress-state and void ratio at which it is subjected to undrained conditions. The
initially induced volumetric strains due to loading events of ephemeral duration
followed by static loading lead the soil masses to be subjected to undrained condi-
tions at comparatively lower void ratios. If this current state of soil lies in the zone
of potential instability, then rapid runoff instability will be induced which results
in consequences more damaging than completely undrained initial state. Hence, the
present study aims to evaluate the effect of effective stress ratios on the instability
behavior of silty sands under partially drained conditions.

2 Material Properties and Experimental Program

Soil for the current study was collected from the Fatehgarh Dam of Kutch district
in Gujarat. The basic geotechnical properties of soil were determined by conducting
grain size test, specific gravity, standard proctor test, and direct shear tests. The soil
was classified as silty sand (SM), as per Indian Standard Soil Classification System.
The specific gravity of soil was determined to be 2.68. The maximum dry density
and optimummoisture content were obtained to be 1.99 g/cc and 9.8%, respectively.
The grain size distribution results exhibited that soil had 1% gravel, 54% sand, 34%
silt and 11% clay. Friction angle (φ) of soil was determined to be 350 (c = 0) by
conductingdirect shear tests. The specimenswere prepared at in-situmoisture content
and dry density of 8% and 1.55 g/cc, respectively, by moist tamping technique (Frost
and Park, 2003). In the present study, a series of consolidated undrained, drained [1]
and partially drained compression tests were performed on Fatehgarh dam soil at
100 kPa of confining pressure. The specimens in all the triaxial tests were sheared
at a strain rate of 0.1%/min. Four different effective stress ratios (ESR = q/p′) were
selected to study the instability behavior under partially drained conditions. The
stress-states of first two ESR were chosen below IL and other two were chosen in the
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zone between IL and DFE, i.e., the zone of potential instability [8]. The instability
line (IL) is the maximum stress-state achieved under undrained conditions and the
drained failure envelope (DFE) is the line joining the origin and failure point under
drained conditions. The load was determined corresponding to the particular ESR
from existing data of drained triaxial test. A series of four partially drained triaxial
tests, i.e., (T1, T2, T3, and T4), was then conducted on the specimens prepared at in-
situ dry density and moisture content. The specimen was saturated by CO2 flushing
for 45 min followed by water flushing and forced saturation. Shearing stage involved
the switching from drained to undrained when the predetermined load (load corre-
sponding to selected ESR from drained test) was achieved during shear deformation
of the soil specimen.

3 Results and Discussions

Instability in soil mass is a function of the current stress and material states when
the undrained loading conditions are imposed [9]. The line joining the peak of the
effective stress path and the stress origin divides the stress space in two regions
namely stable zone and potential zone of instability. This bounding envelope is
known as instability line (IL). Thus to investigate the instability under completely
undrained conditions, a failure envelope or instability line was plotted from the result
of undrained compression tests on soil specimens and the effective stress ratio corre-
sponding to the IL was referred to as ηIS. Instability line is a function of void ratio (e)
and mean effective confining pressure and it is unique for a specimen with same void
ratio [7]. The stress–strain response obtained from undrained compression test on
Fatehgarh dam soil is shown in Fig. 1a. Specimen exhibited intense strain-softening
behavior with a well-defined peak deviatoric stress achieved at very low axial strain.
At a very small strain of 0.59%, peak deviatoric stress of 49 kPawasmobilized which
reduced to a constant value of 11 kPa with continued axial deformations. The onset
of softening just at the peak deviatoric stress in soil specimen was taken as the onset
of instability under undrained conditions. Effective stress (p′) and deviatoric stress
(q) were calculated as per Cambridge model using Eqs. (1) and (2). The ratio of p′
to the q at the peak was also referred to as critical stress ratio (CSR) line [11]. To
obtain the failure envelope under completely drained conditions, the peak of effective
stress paths (ESP) drained compression tests was joined with the stress origin and
was referred as drained failure envelope (DFE). This failure envelope represented
the maximum effective stress ratio that can be obtained under completely drained
conditions. To study the instability under partially drained conditions, the predefined
stress paths or stress-states were imposed at conditions that varied from completely
undrained to completely drained. The region bounded between IL and DFE was
referred to as zone of potential instability by Lade [8]. The imposed effective stress
ratios were chosen as per the ESP of drained testing such that two of them below
IL and two of them lie in the region of potential instability. To understand the effect
of initial stress-states and drainage conditions four ESR’s were selected namely T1,
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Fig. 1 Shear behavior of Fatehgarh Dam soil.a Stress–strain response under drained and undrained
conditions. b Stress paths under drained and undrained conditions

T2, T3 and T4 with magnitude of (include values), respectively. Figure 1b represents
the stress-states of these ESR’s corresponding to IL and DFE.
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3.1 Stress–Strain Response and Volumetric Response

Material behavior of silty sand was explored under mixed drainage conditions. The
isotropically consolidated specimen was subjected to drain shearing up to a prede-
termined stress ratio. After that undrained conditions were imposed, as shown in
Fig. 2a. The load values corresponding to predefined values of ESRwere determined
from the drained compression tests on the same specimen. The stress–strain response

Fig. 2 Shear behavior of Fatehgarh Dam soil under partially drained conditions. a Stress–strain
response. b Volumetric change response
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Table 1 Shear behavior of Fatehgarh Dam Soil under partially drained conditions

Test no. ESR (partially
drained
conditions
imposed)

Strain, “εpd”
(at partially
drained
condition
imposition)

Peak deviatoric
(σ d)

Deviatoric
Stress at εpd

Void ratio at the
imposition of
undrained
conditions (e)

T1 0.24 0.53 44 26 0.68

T2 0.43 0.82 58 50 0.67

T3 0.7 4.02 90 90 0.6

T4 0.99 6.39 146 146 0.59

and volumetric response are shown in Fig. 2a, b, respectively. For the imposed stress
ratios T1 and T2 were lying below the instability line or there ESR was less than ηIS,
stress–strain response ascended and the peak deviatoric stress was achieved after the
imposition of undrained conditions for both the imposed stress ratios. The increasing
peak deviatoric stress after the imposition of undrained conditions reflects the stable
response of the specimen at the existent stress and material states under the applied
perturbation (closure of the drainage value). The higher peak deviatoric achieved by
specimens in T2 as compared to T1 could be attributed to the lower void ratio of T2
(Table 1). The lower void ratio of specimen at T2 resulted from the higher volumetric
strain that was needed to attain the higher stress ratio under the drained conditions
(Table 1). The stress–strain response of T1 and T2 depicted a rapid reduction in
deviatoric stress with further axial deformations. This is evident from the intense
strain-softening response exhibited by the specimens at small strain level of 1% in
T1 and T2 as shown in Fig. 2a. After, the imposition of the undrained conditions, rise
in deviatoric and subsequent strain-softening the specimens of T1 and T2 attained
constant deviatoric stress. The critical state strength of specimen T2 was slightly
higher in magnitude than T1 as shown in Fig. 2a. The material state of specimen
T2 differs from that of T1 but the stress-states remained in the stable zone when
undrained conditions were imposed on it. Therefore, due to lower void ratio of T2,
the critical state strength of T2 was observed to be higher as compared to that of T1.
This inferred that critical state strength is a function of material state of specimen
under undrained conditions.

T3 and T4 represented the higher stress ratios which were lying above the insta-
bility line under undrained conditions. The stress–strain response of T3 and T4
depicted sudden drop in deviatoric stress values as soon as the undrained boundary
conditions were imposed as shown in Fig. 2a. The sudden drop in deviatoric stress
values was accompanied by the large and rapid generation of pore water pressures.
The rapid reduction in deviatoric stress led to a reduction in the load-carrying capacity
of specimens. The incapability to sustain disturbances to the current stress-states
rendered instability within the soil mass of specimens T3 and T4. This revealed that
the point of the imposition of undrained conditions in the case of T3 and T4 was also
the point corresponding to the onset of instability. The soil specimens exhibited insta-
bility since their initial stress-states was lying above the IL in the unstable region and
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also because of the inter-particle soil structure. The specimen preparation technique
used in the current study resulted in the formation of the metastable inter-particle
soil structure. This structure has high compressibility and low load-carrying capacity.
Therefore, under undrained conditions at higher stress ratios the silt particles would
move into large voids between sand particles which resulted in large excess pore
water pressure generation and subsequent instability.

The volumetric response of all tests is presented in Fig. 2b. It was observed that
with an increase in ESR the volumetric strain increased with T4 undergoing largest
contraction before the undrained condition was imposed. Due to the different volu-
metric strains, the material state and stress-state for specimens of T3 and T4 were
significantly altered from their initial state such that they represented two different
configurations when undrained conditions were imposed on them. The void ratio
was reduced from 0.682 (void ratio after consolidation) to 0.590 in case of T4 there-
fore representing densest particle configuration. Also, the void ratio for specimens
of T3 and T4 was lower as compared to T1 and T2 when undrained boundary condi-
tions were imposed. Significant contractive volumetric change was observed due to
prolonged drainage up to deformation levels of about 4%and 6% inT3 andT4 respec-
tively as depicted in Fig. 2b. These volumetric strains were necessary to achieve the
predetermined ESR’s. When the undrained conditions were imposed at the existent
material state and stress-state, the sudden loss in strength or intense strain-softening
was observed due to inability of soil to sustain the changes in its stress-states.

Despite lower initial void ratio, the specimens of T3 and T4 exhibited an intense
drop in deviatoric stress suggesting unconditional instability above IL. This reflected
the inherent tendency of specimens towards instability in that zone. Thus, IL divides
the stress spaces into two zones, i.e., the stable zone which lies below IL and the
unstable zone which lies between IL and DFE. The specimens at T3 and T4 depicted
diffused mode of failure as no localized deformations were observed in form of
shear bands. This mode of failure was captured in the wrinkles formation in the
membrane, which were evident during and at the end of shearing stage. The results
were in agreement with the results of [8, 12]. These findings concluded that drainage
conditions and current stress-state of the specimens were the governing factors for
initiation of instability in granular media. These results were in agreement with the
past studies conducted by Hussain and Sachan [6].

3.2 Excess Pore Water Pressure Response and Stress Paths

Evolution of pore water pressure under partially drained shearing for all the speci-
mens is illustrated in Fig. 3a. After the imposition of the undrained boundary condi-
tions, excess pore water pressure evolved at a rapid rate for all the applied ESR.
The rate and magnitude of excess pore water pressure generated were observed to
be strongly influenced by the location of stress-state with respect to the IL. The pore
water pressure in specimens of T1 and T2 reached almost 90% of the initial effective
confining pressure as depicted in Fig. 3a. The excess pore water pressure developed
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Fig. 3 Shear behavior of Fatehgarh Dam soil under partially drained conditions. a Pore water
pressure response. b Effective stress paths on p′−q diagrams

in the case of T3 and T4 was about 60–70% of effective confining pressure. The
reduced pore water pressure generation in case of T3 and T4 could be attributed to
the pre-induced volumetric strains (required to achieve that particular stress-state)
in the specimens which resulted in dense inter-particle soil structure. The specimens
of T3 and T4 achieved almost 50% of the maximum pore water pressure within very
small deformations levels after the imposition of undrained boundary conditions.
The rapid generation of pore water pressure triggered instability within the soil mass
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in T3 and T4. Therefore, specimens with high ESR in unstable region were liable to
be followed by static liquefaction after induced instability. The specimens prepared
at the same initial void ratio showed different mechanical properties due to location
of the stress-states with respect to the IL and drainage conditions. This shows that
the stress-state at which undrained conditions were subjected to the specimens plays
an important role in the mechanical behavior of soil specimens.

Figure 3b shows the effect of the degree of partially drained conditions on the
potential for instability at an otherwise identical initial state. The ESP for all cases
were plotted in q-p′ space along with IL and DFE to demarcate the lower and upper
bound of unstable zones. The development of positive pore water pressures was
responsible for the leftward inclination of the stress paths (Fig. 3b). When undrained
conditions were imposed on specimens of T1 and T2, the ESP ascended until it
achieved a peak while crossing the IL and then descended asymptotically towards
DFE. As the stress path ascended and intercepted the IL, the specimen exhibited
large and rapid generation of excess pore water pressure. Further deformation under
undrained condition was occurring at reduced effective stress with a subsequent
reduction in load-carrying capacity leading to static liquefaction. The specimens of
T3 and T4 showed rapid and sudden fall in effective stresses as soon as undrained
conditions were imposed on them. The capacity of the soil to resist the applied load
at any stage depends on the current mean effective stress. As the effective strength of
soil specimens reduced rapidly after the imposition of undrained conditions, there-
fore, the soil specimens were incapable of sustaining disturbances done to their
current stress-states. Thus, soil specimens at T3 and T4 exhibited instability within
the soil mass when they were subjected to undrained conditions. The possible cause
for this instability was the initial stress-states of soil specimens which were lying in
the zone of potential instability. The specimens of T3 and T4 were subjected to more
volumetric strains than T1 and T2 and therefore they represented a denser state as
compared to T1 and T2. Thus capacity to sustain loads in case of these two (T3 and
T4) were expected to be more but the obtained results were in stark contrast. If the
conditions were completely undrained, then the ESP would have first ascended to
achieve the peak at IL and then it could have either descended to the lower values to
achieve steady state or could have dropped to lower value and then increase asymp-
totically towards DFE. In either case the worst possibility will be static liquefaction
due to high pore water pressures at large axial deformations but instability would not
be initiated which causes sudden loss of shear strength. Therefore, the soil specimens
with same initial conditions having ESR’s greater than ηIS will undergo instability
under undrained conditions. So, initial stress-states are important factors to under-
stand the undrained behavior of silty sands during static loading. Similar stress-path
testings were carried out on clean sands by Vaid and Eliadorani [11] and Chu et al.
[3] and the results clearly dictated the unconditionally instable behavior of sands in
the region of potential instability under imposed undrained conditions. Therefore, it
can be concluded that irrespective of the presence of the fines in sands, the soil mass
exhibits instability under undrained conditions if its initial stress-states corresponds
to the region above instability line.
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4 Conclusions

A series of triaxial compression tests were performed under partially drained condi-
tions on silty sand (SM) at different effective stress ratio (ESR) to investigate the
effect of initial stress-state on the instability of soilmasses. The following conclusions
could be drawn from the study:

• The soil specimens with initial stress-states corresponding to the region of stress-
space below IL showed high tendencies for static liquefaction at large defor-
mations when undrained conditions were imposed in them. Excess pore water
pressures nearly equal to 90% of the effective confining pressure were generated
within the specimens which leads to static liquefaction.

• The soil specimens with initial stress-states depicting region present between IL
and DFEwere prone to instability within soil mass followed by static liquefaction
when subjected to undrained boundary conditions. As the soil elements within this
region were unstable to sustain the disturbances done to their current stress-state,
therefore this region was referred to as zone of potential instability. This region
was characterized with the instability failure of soil specimens which leads to loss
of shear strength.

• When the initial stress-states of soil specimens were lying below the instability
line, the ESP ascended to achieve a peak at IL whereas if the initial stress-states
exist in the zone of potential instability than the ESP showed sharp reduction in
effective stress values as soon as the undrained conditions were imposed on it.
This concludes that the stress-space below IL represents stable zone whereas the
stress-space between IL and DFE represents unstable zone when subjected under
undrained conditions.

• The critical state strength increasedwith increase in theESRvalues.Asmore volu-
metric strains were required to achieve stress-states corresponding to high ESR’s,
the resulted void ratio of specimens became smaller when undrained conditions
were subjected to them. The lower void ratio exhibited denser inter-particle soil
structure which was responsible for higher critical state strength.
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Settlement of Saturated Sand Under
Horizontal Excitation on Vibration Table
for Liquefaction Study

Satyendra Mittal, Tshering Cheki, and Arpit Jain

Abstract Settlements resulting through liquefaction during an earthquake may
affect the living conditions of the people and may cause serious fatalities. This paper
presents a simplified method for estimating the liquefaction-induced settlements of
saturated sand for different relative densities using a shaking table. Sand samples
with and without cement grouting were tested for the comparison of liquefaction-
induced settlements. Tests were conducted on saturated sand grouting for various
relative densities ranging from 35 to 80% using a horizontal vibration table. The
significant variations were observed in settlement due to the changes in the acceler-
ation inputs, density and grouting. The settlement resulting from drained behavior
of saturated sand specimens after application of varying amplitudes was examined
based on its volume decrease characteristics. The performance of the neat cement
grout was also examined in this study. It was observed that the settlements of the
sand reduced significantly after grouting with cement slurry.

Keywords Liquefaction · Settlement · Grouting · Shake table

1 Introduction

Seismically induced liquefaction of loose saturated soils causes severe damages to
the built environment during earthquakes, thus causing serious problems. Some of
the major examples of such damages are during the Turkey earthquake (7.6 Mw)
in 1999 where hundreds of structures had settled, slide, tilted, deformed laterally
and collapsed due to soil liquefaction and ground softening [1]. Similar damages
occurred during the Chile earthquake of 2010 [2] with a magnitude of 8.8 (Mw), the
Tohoku earthquake (9.0–9.1 Mw) of 2011 [3] and the Bhuj earthquake (7.7 Mw) of
2001 [4]. The 2011 Christchurch earthquake with 6.2 Mw in New Zealand caused
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widespread liquefaction and triggered tremendous damages to buildings and infras-
tructures. More than 50% of the city of Christchurch was affected due to soil lique-
faction causing buildings to settle, tilt or deform whereby most of those structures
were made to demolish due to the fact that it was uneconomical to repair [5]. Some
of the most common damages caused due to earthquake-induced liquefaction are the
failure of pile foundations induced by lateral spreading, settlement and tilt of build-
ings and houses [5–7]. Many researchers have attempted to develop different types
of mitigation techniques to overcome soil liquefaction [8]. But to counter liquefac-
tion, such techniques are usually not employed individually but used in combination
of two or more [9]. Around 900 ground improvement projects have been executed
out of which 70% of them are for liquefaction countermeasures such as vibratory
sand compaction pile method, non-vibratory sand compaction pile method, gravel
drain method, lattice-type deep mixing methods. [3]. In addition to technical issues,
economic considerations play an important role in proposing the countermeasures
against liquefaction-induced settlement of the structures. For example, the available
technology for ground improvement under existing structures with the help of chem-
ical grouting by colloidal silica is hardly affordable because it costs about 10 times
more than the conventional countermeasures such as the installation of prefabri-
cated vertical drains [10]. Therefore, the countermeasures to be proposed should be
economically reasonable and technically effective.

One of the ground improvement techniques called compaction grouting is
proposed and examined in this study. Grouting is the process that involves an injec-
tion of special liquid or slurry materials called grout into the ground for the purpose
of improving the soil. Grouting is the method of stabilizing granular soils. It helps
to improve the mechanical properties and reduce the permeability of soils. Various
types of grouts such as cementitious and chemical grouts are widely used for founda-
tion treatment of dams, and hydraulic structures and compaction grouting are often
used to repair structures that had experienced excessive settlement [11]. This paper
presents the results of analysis derived from the shake table tests, where the settle-
ment during liquefaction was observed while testing the saturated sand with and
without cement grouting.

2 Experimental Apparatus

The present investigation has been carried out on a vibration table known as the
shake table [12]. The shake table comprises of a watertight test tank of 1060 mm
long, 600 mm wide and 600 mm high with the sides of tank 5 mm thick steel
panels. The test tank is mounted on a horizontal shake table which can be excited
in a horizontal direction using steady-state vibrations. The test tank is driven in the
horizontal direction with the help of an electric motor through a crank mechanism.
The table was set to a desired frequency and amplitude, and then, the predetermined
cycles of motion were imparted. A revolution counter is fixed to count the number
of cycles, and a hand brake is provided to stop the shake table instantaneously. The



Settlement of Saturated Sand Under Horizontal Excitation on Vibration … 279

Fig. 1 Shake table test set up used in the study

shake table as shown in Fig. 1 could produce one-dimensional harmonic excitation
of varying amplitude (0.1–0.3 g) and frequency up to 12 Hz [13]. Four numbers of
glass tube piezometers (5 mm diameter each) were connected to the sides of the test
tank through rubber tubes for pore pressure measurements at the height of 430 mm,
350 mm, 250 mm and 100 mm, respectively, measured from the top of the tank.
A porous stone duly covered with a 75 µm mesh was fixed at the mouth of every
steel pipe joined to rubber tubes so that no soil particle enters into the piezometer.
To further reduce the choking and air bubbles, all porous stones were kept in boiled
water at 100 °C for about 30 min before fixing at the mouth of the piezometer.

3 Materials Used

Solani river sand has been used for this study. The sand was collected locally from
the Solani river bed near Roorkee city which was categorized as poorly graded sand
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Table 1 Properties of 43
grade ordinary Portland
cement

S. No. Properties Description

1 Specific gravity 3.16

2 Setting time Initial Setting Time:55 min
Final Setting Time: 312 min

3 Fineness 5.32%

4 Compressive strength 43 MPa

5 Consistency 33%

(SP) with little fines according to the Unified Soil Classification System. The sand
was air-dried and cleaned thoroughly before any experimental work. The sand has a
uniform particle size range of D50 = 0.30 mm and Cu = 2.53 which was obtained
from the grain size distribution curve. The maximum and minimum void ratios were
emax = 0.89 and emin = 0.66, determined in accordance with the procedure laid in
Indian Standard [14]. The specific gravity of sand was 2.53. The neat cement grout
which was the mixture of 43 Grade Ordinary Portland Cement (OPC 43) and clean
water in the ratio of 1:3 (cement: water) by weight was used as grout during the test.
The basic properties of OPC 43 supplied by the manufacturer are given in Table 1.

4 Test Procedures

All the tests on the sand at relative densities of 35, 50, 65 and 80% with and without
grout were conducted at an acceleration of 0.1 to 0.3 g under the exciting frequency
of 4 Hz. The experimental tests were performed using Shake Table at 4 Hz frequency.
These tests were performed on varying relative densities, and their effect has been
studied at steady-state vibrations of desired acceleration and frequency loading of
4 Hz [15–17]. This parameter has also been used by several researchers, such as [15,
18–20], Laia (2014), and Komaji (2014) in performing a liquefaction potential study
using a shaking table. These valueswere used since therewas no accurate information
on the ground motion frequency. However, the strong earthquakes triggering lique-
faction had vibration frequencies of 0.5 Hz onwards, and by using 4 Hz frequency,
the results are more on conservative side. The duration of shaking adopted in the
study was 15 s as per the correlation given by Chauhan [21] for an earthquake of 7.5
magnitudes. Before imparting the shaking, the sample preparation was labeled and
the value of static pore water pressures at different depths within the soil samples was
first recorded. The electric motor was switched on, and the rise in pore water pres-
sure along with time was recorded. At the end of every test, the water overlying the
sample was removed with the help of a sponge and the top surface was labeled to find
out the amount of settlement that occurred due to shaking [10–14]. The amount of
settlement resulting from liquefaction was calculated based on the volume decrease
characteristics of saturated sand samples, and the results were compared with the
settlements observed on the grouted samples.
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Table 2 Shaking duration by Seed and Idriss [22] correlation used in the study

Magnitude 6 6.5 7 7.5 8 8.5

Time (s) 5 8 11.5 15 21 26

The relative density (Dr) of the sand is defined by the relation:

Dr = emax − e

emax − emin
(1)

e = emax − Dr (emax − emin) (2)

Using the values of void ratio obtained for all the relative density values, the dry
unit weight of sand (γ d) was calculated from the relation:

γd = G

1+ e
γw (3)

where γ w is the unit weight of water (taken as 10 kN/m3), G is the specific gravity
of sand, taken as 2.53.

The relation between shaking duration and magnitude of earthquake for dynamic
studies related to soil liquefaction in the present study was adopted using the corre-
lation given by Seed and Idriss [22] as in Table 2. Seed and Idriss correlation has
been preferred by several researchers. Moreover, several other correlations has been
developed, but after using the seed and Idriss correlations, significant outcomes were
obtained for the soil type used in the current study.

The parameters such as acceleration, frequency and shaking durations were used
according to accelerogram data of the 2001 Bhuj earthquake (7.7 magnitudes)
according to Chauhan [21]. Therefore, for an earthquake magnitude of 7.5, the
shaking duration of 15 s was adopted in the present study.

The neat cement grout was preparedwith a simplemix of OPC 43, and cleanwater
in ratio 1:3 (cement:water) byweight.A25mmdiameter grout pipe of 600mm length
was installed to a required pre-drilled hole in the saturated sample prepared. The
grout material is then injected into five stages (100 mm interval) adopting a bottom-
upmethod of compaction grouting in the vertical direction. Total 11 grout holes were
thus made, spaced at 255 mm center to center (lengthwise) and 152.5 mm center to
center (width-wise) arranged in a triangular pattern shown in Fig. 2. Similarly, for
all the relative density of sand, the above procedure was adopted.

5 Results and Discussions

The effects of relative density, acceleration and grouting mechanism on the settle-
ment of the liquefied sand were observed where significant outcomes strengthen the
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Fig. 2 Arrangement of grout points used in the study

vulnerability of ungrouted sand. The results of the experimental studies were related
to the sand tested with and without grouting prepared at relative densities of 35, 50,
65 and 80% as shown in Tables 3 and 4.

Table 3 Settlement and dry unit weight of sand at all density for sand without grouting

Dr (%) Freq. (Hz) Acceleration
(g)

Weight of
sample (Kg)

γ d before
shaking
(kN/m2)

γ d after
shaking
(kN/m2)

Settlement
after shaking
(mm)

35 4 0.1 472 14.53 15.17 20.10

0.2 14.53 15.28 23.40

0.3 14.53 15.33 25.20

50 4 0.1 482 14.83 15.41 17.40

0.2 14.83 15.54 21.50

0.3 14.83 15.65 24.80

65 4 0.1 492 15.14 15.71 17.00

0.2 15.14 15.80 19.60

0.3 15.14 15.87 21.70

80 4 0.1 503 15.47 15.98 14.50

0.2 15.47 16.06 17.00

0.3 15.47 16.16 20.00
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Table 4 Settlement and dry unit weight of sand at all density for sand with grouting

Dr (%) Freq. (Hz) Acceleration
(g)

Weight of
sample (Kg)

γ d before
shaking
(kN/m2)

γ d after
shaking
(KN/m2)

Settlement
after shaking
(mm)

35 4 0.1 472 14.53 15.06 16.50

0.2 14.53 15.18 20.50

0.3 14.53 15.26 23.00

50 4 0.1 482 14.83 15.22 11.50

0.2 14.83 15.33 15.00

0.3 14.83 15.44 18.50

65 4 0.1 492 15.14 15.47 9.50

0.2 15.14 15.54 11.50

0.3 15.14 15.61 14.00

80 4 0.1 503 15.47 15.79 8.50

0.2 15.47 15.83 10.00

0.3 15.47 15.91 12.50

5.1 Effect of Relative Density (Dr) and Acceleration
on Settlement Behavior

Figure 3a–d illustrates a plot between settlement and relative density with that of the
acceleration inputs as 0.1, 0.2 and 0.3 g. This figure shows the variation of settlements
with respect to relative density for the sample with and without grouting. It can be
observed from Fig. 3 that with an increase in initial relative density the amount of
settlement decreases in both the cases. The test result at 35% relative density after
shaking at 0.1 g excitation with the frequency of input motion of 4 Hz amounts to
20.10mm,whereas for 80% relative density after shaking at same excitation level, the
settlement was 14.50 mm, indicating a drastic decrease in the settlement at higher
relative density. This is because the sand particles got rearranged to form closer
packings whereby soil sample densified further, thus decreasing the void ratio which
results from the decrease in hydraulic conductivity after shaking. With the inclusion
of neat cement grout, the settlement further decreased from 16.50 mm (at 35% Dr)
to 8.50 mm (at 80%Dr) tested at 0.1 g amplitude. This is due to the increase in shear
strength of the soil when improved with neat cement. The general trend of results is
almost similar for all the relative densities for the sand and sand grouted with neat
cement as presented in Tables 3 and 4.
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5.2 Variation of Settlement with Different Acceleration
Inputs

Figure 4a, b show the variation of settlement with acceleration for different rela-
tive densities. It was observed that for both the samples, the amount of settlement
increases with the level of accelerations. For smaller values of acceleration (at 0.1 g),
the value of the settlement for all the relative density was observed to be less than
that for the sample tested at higher acceleration (at 0.3 g). For example, the values of
settlement in the sand without grouting (at 25%Dr) for an acceleration of 0.1 g, 0.2 g

(a) Pure sand 

(b) Grouted sand 

14

16

18

20

22

24

26

0.05 0.1 0.15 0.2 0.25 0.3 0.35

Se
le

m
en

t (
m

m
)

Accelera on (g)

at 35% Dr at 50% Dr at 65% Dr at 80% Dr

8

10

12

14

16

18

20

22

24

0.05 0.1 0.15 0.2 0.25 0.3 0.35

Se
le

m
en

t (
m

m
)

Accelera on (g)

at 35% Dr at 50% Dr at 65% Dr at 80% Dr

Fig. 4 Settlement versus acceleration at varying relative density
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and 0.3 g were 20.10 mm, 23.40 mm and 25.20 mm, respectively. A similar trend
was observed for the saturated sand samples prepared at a relative density of 50, 65
and 80%. The second last column of Table 4 shows the settlement measured after
shaking duration of 15 s at 4 Hz frequency for the saturated sand sample prepared
with the inclusion of neat cement grout tested at different levels of acceleration (at
0.1–0.3 g). It has been observed that by increasing the magnitude of acceleration,
the number of settlement increases and the maximum value was 23 mm (at 35%Dr).
A similar trend was observed at relative densities of 50, 65 and 80%.

5.3 Effects of Ground Improvement

It can be observed from the test results that the amount of settlement during earth-
quake shaking at all relative density decreases when the saturated sand is improved
with neat cement grout. The test results also indicate that the inclusion of neat cement
grout to a saturated sand sample further decreases the amount of settlement prepared
at all relative density. This is attributed to the fact that due to the grouting technique
the saturated sand is compacted further and the inclusion of grout makes the saturated
sand sample a composite material whose strength and stiffness will be much higher
than the saturated sand sample prepared without grouting. Thus, the ground improve-
ment on saturated sand decreases the amount of settlement thereby increasing the
liquefaction resistance of saturated sand after grouting. It can be further observed
from Tables 3 and 4 that there are drastic decreases in the settlement as the relative
density increases due to the inclusion of grouts. For 35% relative density, the settle-
ment dropped from 20.10 mm (pure sand) to 16.50 mm (grouted sand) tested at 0.1 g
acceleration and for 80% relative density, the settlement dropped from 14.50 mm
(pure sand) to 8.50 mm (grouted sand) respectively at 0.1 g acceleration as clearly
illustrated in Fig. 4a–d. This may be due to the fact that the compression of sand
particles is resisted by the provision of neat cement grouts.

6 Conclusions

In this study, shaking table tests were carried out on saturated Solani river sand,
improved with neat cement grout to investigate the settlement effect before and after
the dissipation of excess pore water pressure. From an analysis of the results, the
following conclusions were drawn:

1. With the increase in relative density, the settlement decreases from 20.10 mm
(for 35% Dr of pure sand) to 17.40 mm (for 50% Dr of pure sand) under the
vibration of 0.1 g.

2. When the sand was grouted with neat cement and shaking was imparted, the
settlement further decreased from 20.10 mm (for 35% Dr of pure sand) to
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16.50 mm. The amount of settlement for 80% relative density was reduced to
8.50 mm under the same test conditions.

3. With the inclusion of neat cement grout, the dry unit weight after shaking
decreases to 15.06 kN/m2 and 15.79 kN/m2, respectively, at 0.1 g for 35% and
80% relative density. At higher levels of excitations, the amount of settlement is
high for both samples (pure sand and grouted sand) tested.

4. The grouting technique considered for improving the sand against settlement
has been found effective, thereby increasing the liquefaction resistance of loose
Solani river sand significantly. Further study can be carried on the application of
improvised grouting material to resist the liquefaction of soil.
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Effect of Plasticity Index on Liquefaction
Behavior of Silty Clay

Sufyan Ghani and Sunita Kumari

Abstract The fine-grained materials like silt or clay are of non-plastic or plastic
in nature, respectively. These properties tend to make an important and consistent
difference in the cyclic strength of the soil. Generally, the presence of plastic fines
tends to increase the liquefaction resistance of a soil due to dilitative nature of clayey
soil. But, there is a contradictive statement for non-plastic fine behavior toward
liquefaction resistance. Most of the districts of Bihar falls in Seismic Zones IV and
V and are highly populated. These areas have alluvial soil deposits due to existence of
numerous number of flood plain. Therefore, evaluation of liquefaction susceptibility
based on plasticity index of soil is necessary to provide a guide map for engineers
and designers toward safe and economical design of civil engineering structures.
The present paper summarizes the effect of plasticity index on liquefaction for River
Ganges alluvial soil deposit area. This area is significant in terms of economy and
population and falls under seismic Zone IV. Therefore, liquefaction potential analysis
has also been carried out to determine the uncertainties in liquefaction resistance
considering plasticity index criteria of soil deposits.

Keywords Liquefaction · Plasticity index · Cyclic strength · Silty clay

1 Introduction

Liquefaction is one of the most complex and debated topics in geotechnical engi-
neering associated with the failure of earth structures. Soil deformation caused by
monotonic, transient and repeated disturbance of saturated soils under undrained
condition leads to the generation of excess pore-water pressure and loss of strength
which is major criteria of liquefaction phenomenon. Its devastating effects drew
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the attention of geotechnical experts when the Alaska earthquake (Mw = 9.2) was
followed by the Niigata earthquake (Mw = 7.5) in the span of three-month in year
1964 [1]. Both earthquakes produced spectacular examples of liquefaction damages.
Failures of slope, foundations of buildings and bridges were noticed. Some of the
buried structures were observed floating at ground level after earthquake. There
onwards, the liquefaction phenomenon has been studied extensively by numerous
researchers in the past few decades. Liquefaction criteria can be divided broadly
into two parts, flow liquefaction and cyclic mobility. Flow liquefaction occurs in
loose saturated sands and leads to huge instabilities and deformations whereas cyclic
mobility is another phenomenon which is observed in medium to dense saturated
sands and causes large deformations known as lateral spreading. The shear move-
ments in this type of liquefaction are not as seen in flow liquefaction rather it
produces incremental shear movements. Observations made during several earth-
quakes recently showed evidence of liquefaction in soil with fine content having
medium to low plasticity. These types of soil dilate extensively throughout shearing.
Fine-grained materials like silt or clay are of non-plastic or plastic in nature respec-
tively. These properties tend to make an important, consistent difference in the cyclic
strength of the soil.

2 Review of Literature

Once liquefaction starts, the soil subjected to cyclic loading may undergo a tempo-
rary shear strength loss instead of a permanent loss, i.e., cyclic mobility with limited
flow deformation Bray and Sancio [2]. Martin and Lew [3] stated that clayey soils
are those that have a clay content (particle size < 0.005 mm) greater than 15%
and if clayey soil come across during site exploration, then they should be consid-
ered as non-liquefiable. However, 1994 Northridge, 1999 Kocaeli, and 1999 Chi-Chi
earthquakes showed substantial number of cases where ground failure has caused
considerable damage to buildings in silty and clayey soils containing more than 15%
clay-size particles. Wang [4] suggested that any clayey soil containing less than 15–
20% particles by weight smaller than 0.005 mm and having a water content (wc) to
liquid limit (LL) ratio greater than 0.9 is vulnerable to liquefaction. Re-evaluation
of Wang’s work provides a number of useful insights regarding the effects of soil
sensitivity as expressed through the ratio of wc/LL, this criterion appears to be a
discriminating factor in liquefaction susceptibility. Based on the criteria established
by Wang [4], Seed and Idriss [5] suggested that clayey soils could be susceptible
to liquefaction only if all three of the following conditions are met, first percent of
particles less than 0.005 mm < 15%, second LL < 35% and third wc/LL > 0.9. This
standard came to be known as the Chinese criteria due to its origin. This was initially
recommended for seismic design of hydraulic structures which directed that lique-
faction can occur during a strong seismic motion in any silty soil which contains less
than 15–20% clay particles (smaller than 5µm size) and has plasticity index of more
than 3% and its water content is greater than 90% of its liquid limit (LL). Andrews
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and Martin [6] reviewed empirical data and suggested a new assessment index and
transformed the conventionalChineseCriteria according toUS standardswhich came
to be known as Modified Chinese Criteria. The major differences proposed in this
modified criteria as compared to the original Chinese Criteria was that 0.0002 mm
particle size was used as the limit between clay and silt particles and Casagrande’s
Apparatus should be used for obtaining liquid limit. It was also concluded that soils
of 2 µm size having percentage finer less than 10% and LL < 32% were susceptible
to liquefaction whereas the soils having ≥10% finer than 2 µm and LL ≥ 32% were
not susceptible to liquefaction. Studies undertaken in early 1980s at University of
Missouri–Rolla (UMR) (now Missouri University of Science and Technology) also
acknowledge the effect of plasticity of soil on the liquefaction of silts based on the
results determined from the laboratory test. It was suggested that the cyclic stress ratio
(CSR) which is one the governing criteria for causing liquefaction decreases as the
plasticity index is increased. Puri [7] concluded that introduction of clay or plasticity
to the silt leads to the increase in the resistance of soil mass against liquefaction. Ishi-
hara and Koseki [8] recommended that low plasticity fines (PI < 4) has no influence
on the vulnerability of liquefaction. However, it was noted that the effect of the void
ratio was not consider in their analysis. Later, Sandoval [9], Prakash and Sandoval
[10] demonstrated that silt having plasticity index (PI) in the range of 2–4%, the
liquefaction resistance of silt decreases with increasing plasticity. Polito [11] studied
various criteria for assessment of liquefaction potential of the soil. In his under-
standing, soil susceptible to cyclic mobility can be considered as non-liquefiable
as compared to the deformation and strain caused under flow liquefaction. Based
on series of Cyclic Triaxial Test and considering different geotechnical properties
like plasticity, water content, clay content, mean grain size, relative density and void
ratio, a clear demarcation line was suggested in between flow liquefaction and cyclic
mobility.

Recently Indian standard code [12] is considered as one of the most common and
simplified procedure for the evaluation of liquefaction potential of sand deposits. The
Indian Standard uses in situ testing such as SPT, CPT and shearwave velocity (V s) for
the assessment of liquefaction potential. By considering the intensity of earthquake
for the assessment of liquefaction potential this method does overcome the major
shortcomings of all the above-mentioned criteria but despite of being a pioneer in the
evaluation of liquefaction susceptibility it remains silent for soil with presence of fine
content. Although it does provide a correction for the SPT blow count value (N1)60
based on the percentage of fine content (FC) but no specific equation or relation has
been provided considering the plasticity of the soil. Therefore, a reliable and proper
method for the assessment of liquefaction susceptibility of soil with fine content is
required.

The first step in assessing the possibility of ground failure in silts and clays
during earthquakes is to determine the appropriate engineering procedures thatwould
be used in the evaluation. Cyclic strengths can be calculated based on data from
in situ testing or laboratory testing and empirical correlations that are similar to the
established procedures for evaluating the liquefaction susceptibility of such deposits.
The objective of this paper is to evaluate liquefaction susceptibility of the proposed
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site using Chinese criteria and Indian standard code and to establish the relationship
using plasticity index as a governing criteria.

3 Methodology

Some of the researchers have recommended a relation between plasticity and cyclic
strength of soil which has given rise to the use of plasticity index as a key criteria
by which liquefaction susceptibility of soil can be determined. These criteria are
used to differentiate liquefiable and non-liquefiable soils. Plasticity of the soil can
be computed either in terms of the liquid limit or plasticity index.

3.1 Chinese Criteria (1979)

Wang [4] noted the incidence of liquefaction in silty sand to slightly sandy silt
soils during the Haicheng earthquake, 1975 and the Tangshan earthquake, 1976, and
proposed a criteria which was known as Chinese criteria in 1979 which stated that
a fine-grained soil is considered to be susceptible to liquefaction, when all of the
following four criteria are satisfied:

Liquid Limit < 35%
Liquidity Index > 0.75
Natural Water Content > 0.9 × Liquid Limit
Percent Passing 0.005 mm Sieve Size < 15%.

The liquid limit of a soil is an indirect measure of the water content or void ratio
(density) that corresponds to a specified undrained shear strength of 2–2.5 kPa, while
the liquidity index is an indirect measure of the sensitivity of the soil. The first three
criteria identify weak sensitive fine-grained soils whereas fourth criterion, which
is a measure of the clay content of the soil, eradicates the medium to high plastic
soils that will not undergo volume change during the application of cyclic loads. As
Chinese criteria are exclusively based on index properties and grain size data it can
be concluded that it is independent of the intensity and duration of the applied loads.

3.2 IS Code Method (2016)

Indian standard code [12] “Criteria for Earthquake Resistant Design of Structures” is
a considered as one of the most common and simplified practice for the assessment
of liquefaction potential of sand deposits in India. This standard primarily focuses
on earthquake risk assessment for earthquake resistant design of buildings, liquid
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retaining structures, bridges, embankments and retainingwalls. The provisions of this
standard are also applicable to critical structures like nuclear power plant, petroleum
refinery plants and large nuclear dams.

The ratio of CRR (cyclic resistance ratio) to CSR (cyclic strength ratio) is termed
as FOS (factor of safety), which indicates the liquefaction susceptibility of the soil
deposit. If FOS < 1, soil will liquefy and if FOS ≥ 1, soil will not liquefy.

4 Result and Discussion

The proposed site is situated on the bank of Ganga River of Patna district of Bihar
which in an active zone of earthquake classified as seismic Zone IV (high risk zone)
of India. This city is highly populated. Also, subsoil in shallow depth is of silty nature
with very little cohesion. Hence, a study has been carried out for evaluating lique-
faction potential from the available soil data and SPT (N) value. The data obtained
from the soil testing has been analyzed using Indian standard code as well as Chinese
Criteria recommended by Wang [4].

This paper focuses on calculation of factor of safety for borehole 1 and 2 (BH-
1 and BH-2) using the steps mentioned in the IS code. Tables 1 and 2 shows the
estimation of effective stress (ES), total stress (TS), cyclic resistance ratio (CRR),
cyclic stress ratio (CSR) and factor of safety (FOS), respectively. Figure 1 shows
the trend of factor of safety (FOS) verses effective depth (z/zc) for BH-1 and BH-2,
where z is the depth (m) and zc is the critical depth. The critical depth is taken as zc
= 15 m. Generally, it is found that chances of liquefaction are less beyond 15 m due
to existence of overburden pressure.

The factor of safety obtained after the calculation done as per IS 1893 Part I:
2016 code shows that the proposed site is liquefiable. Only a few depths factor of
safety was found to be above unity. Therefore, it should be concluded that based on

Table 1 Calculation as per IS code for BH-1

Depth N60 F.C CSR CRR FOS = CRR/CSR

1.50 3 65.8 0.35 0.15 0.43

3.00 2 65.8 0.34 0.12 0.36

4.50 2 68.0 0.33 0.12 0.37

6.00 3 68.0 0.32 0.13 0.42

7.50 12 68.0 0.31 0.35 1.11

9.00 10 72.6 0.31 0.27 0.86

10.50 10 72.6 0.29 0.25 0.84

12.00 6 96.0 0.28 0.16 0.58

13.50 9 66.2 0.26 0.20 0.77

15.00 10 66.2 0.25 0.21 0.85
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Table 2 Calculation as per IS code for BH-2

Depth N60 F.C CSR CRR FOS = CRR/CSR

1.50 2.00 60.2 0.36 0.12 0.34

3.00 4.00 60.2 0.35 0.18 0.51

4.50 2.00 62.8 0.33 0.12 0.37

6.00 5.00 62.8 0.32 0.18 0.57

7.50 12.00 64.3 0.31 0.34 1.11

9.00 11.00 64.3 0.30 0.29 0.94

10.50 10.00 88.4 0.29 0.24 0.85

12.00 8.00 88.4 0.28 0.19 0.71

13.50 13.00 89.9 0.26 0.27 1.05

15.00 12.00 89.9 0.25 0.24 0.98

Fig. 1 Effective depth versus factor of safety for BH-1 and BH-2

IS code this site possess the threat of liquefaction and the engineers should select the
foundation accordingly on this soil.

The Chinese criteria mainly focus on soils with plasticity, and considering plas-
ticity as one of the governing criteria as observed in the literature. Here, the non-
plastic layers are eliminated for further analysis. Liquefaction susceptibility of soil
depth with plasticity as per IS 1893 Part I: 2016 code has been provided in Table 3
and it is noted that all of the considered plastic layers are susceptible to liquefaction.

Table 4 shows the basic soil properties of the plastic zones that are present at
different depths as well as it depicts various parameters which are used to evaluate
liquefaction susceptibility of a soil deposit as per Chinese criteria. The criteria state
that soil deposits with wC < 0.87 * LL or LL > 33.5 or PI > 13 or clay fraction >
20% are non-liquefiable whereas soil deposits with clay fraction < 20% or PI < 13%
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Table 3 Liquefaction susceptibility of plastic layers as per IS Code

Bore Hole No Depth (m) FOS Liquefaction susceptibility as per IS code

1 9.0 0.86 Susceptible

1 12.0 0.58 Susceptible

1 13.5 0.77 Susceptible

2 9.0 0.94 Susceptible

2 12.0 0.71 Susceptible

2 15.0 0.98 Susceptible

Table 4 Soil parameters of plastic layers

Borehole No Depth (m) LL wC (%) PI W c/LL FC (%)

1 9.0 36.25 25.13 16 0.69 72.6

1 12.0 37.00 27.34 13.75 0.74 96.0

1 13.5 36.25 22.58 14 0.62 66.2

2 9.0 34.50 25.60 14.25 0.74 64.3

2 12.0 36.25 24.84 13.5 0.68 88.4

2 15 37.25 25.74 13.75 0.69 89.9

are potentially liquefiable. The input parameters such as liquid limit (LL), saturated
water content are used to draw a plot to determine liquefaction potential of soil layers.

Figure 2 has been described the estimation of liquefaction based on Chinese
criteria Wang [4] and was developed by ASTM (American Standard for Testing

Fig. 2 Assessment of liquefaction using Chinese criteria
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Materials). The portion above the plotted line in Fig. 2 represents non-liquefiable
zone whereas portion below this line is potentially liquefiable.

Figure 2 demonstrates that the soil layers considered here are non-liquefiable.
Considering plasticity and presence of fine content for the analysis has led to such
observation. Generally, the presence of plastic fines tend to increase the liquefaction
resistance of a soil due to dilitative nature of clayey soil. The presence of fines also
influences a soil’s ability to develop excess pore pressures. When studying field-
based liquefaction there are two effects that should be considered, first and foremost
it is the influence of fines on the soil and other is the influence of the fines on the
penetration test. Adding fines to a clean sand leads to the filling up of void space
to a point where the fines tends to displace the sand grains and dominate the soil
matrix and the response to shear stress becomes fines dominated. As fines are added
to a sandy soil the penetration resistance decreases up to a great extent. Fines have
lower permeability as compared to clean sands which results in increased excess
pore pressures on the penetration device thus resulting in lower effective stresses
and lower penetration resistance. Both of the above-mentioned effects are blended
in a field-based liquefaction assessment and are difficult to separate. Therefore, it
has been observed that with an increase in fines there is a systematic decrease in
the cyclic stress required to liquefy soil deposit when measured with penetration
resistance.

Table 5 clearly embarks that the plastic soil layers became non-susceptible to
liquefaction when evaluated using Chinese criteria as per the standards laid down
by Wang [4] for a soil to be non-liquefiable. No specific FOS against liquefaction is
obtained after using Chinese Criteria because it is based on soils plasticity and fine
content. It gives idea of liquefaction susceptibility based on said parameters range.
In some cases, it gives significant results as compared to IS code, particularly for soil
containing fine content. This directs that consideration of plasticity and fine content
may play an important role in evaluation of liquefaction susceptibility of soil deposits
having fine content.

Table 6 presents a co-relation between plasticity index (PI) and liquefaction
susceptibility of the soil deposits. It can be observed from the table that liquefaction
potential of the soil deposits evaluated using IS code are totally contradictory when
evaluated using Chinese Criteria. As suggested by Wang [4], soil deposits with PI
> 13 will be non-liquefiable which concludes that liquefaction potential decreases

Table 5 Liquefaction susceptibility as per Chinese criteria

Borehole No Depth (m) FC (%) Liquefaction susceptibility as per Chinese criteria

1 9.0 72.6 Non-susceptible

1 12.0 96.0 Non-susceptible

1 13.5 66.2 Non-susceptible

2 9.0 64.3 Non-susceptible

2 12.0 88.4 Non-susceptible

2 15.0 89.9 Non-susceptible
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Table 6 Liquefaction susceptibility comparison between the two approaches

PI Liquefaction susceptibility as per Indian
Standard Code

Liquefaction susceptibility as per Chinese
criteria

16 Susceptible Non-susceptible

13.75 Susceptible Non-susceptible

14 Susceptible Non-susceptible

14.25 Susceptible Non-susceptible

13.5 Susceptible Non-susceptible

13.75 Susceptible Non-susceptible

as plasticity increases. Plasticity of a soil deposit can either be represented in terms
of liquid limit (LL) or plasticity index (PI) and it is a better indicator for evaluating
liquefaction susceptibility of soil deposits.

5 Conclusion

The natural variability of the soil conditions on the bank of Ganga River of Patna
district of Bihar allows significant study focusing on soil plasticity to figure out
liquefiable deposits. It is evaluated that soil with higher level of plasticity is found
to undergo different kind of deformation under cyclic loading as compared to those
having lower levels of plasticity. Cyclic mobility form of failure was also observed in
soils having higher levels of plasticity. On the other hand, soils with lower levels of
plasticity exhibit criteria of flow liquefaction. The present analysis clearly indicates
that the considered soil deposit is liquefiable as per IS Code whereas as per the
Chinese criteria it is non-liquefiable. This signifies that considering plasticity, fine
content, water content and liquid limit as the governing criteria makes the soil non-
liquefiable. There is no clear demarcation in the IS code for soil having plasticity as
well asfine content.Consideringplasticity andfine content for evaluating liquefaction
susceptibility of the soil has resulted in totally opposite observations. Construction of
a structure on liquefiable zone requires a great amount of investment, so if plasticity
is believed to be major discriminating criteria in the above-mentioned case it can
be inferred that the sites which poses the threat to undergo liquefaction will lie in
non-liquefiable zone thus contributing a huge saving in the cost of construction.
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Laboratory Investigation on Wave
Characteristics Due to Hammer Impact
on Different Types of Soil

K. S. Beena, M. Neethu, and Veena Jayakrishnan

Abstract Pile foundations are suitable when the surface soil is fragile, and the
load coming from the superstructures is very high. Direct Mud Circulation (DMC)
method of piling was considered as the most reliable piling system all over the
world. The chiseling action in DMC piling produces stress waves, and these waves
may cause problems to the nearby structures. This paper deals with a laboratory
model study to investigate the vibration propagation and attenuation characteristics
of different types of soil at various test parameters. The responses of soil surface due
to impact load were studied, and results showed that the various factors controlling
the wave propagation of soil include the distance of impact from the source, relative
density of soil, impact hammer energies. The peak vertical accelerationwasmeasured
using a triple-axis accelerometer placed at different positions and with the help of
SeismoSignal software version 4.3, the corresponding peak particle velocity and
displacements were evaluated. The soil dependent parameters k and n were found
out from the peak particle velocity, and an attempt is made to develop an equation
to predict vibrations on the tested soils.

Keywords Pile driving · Vibrations · Wave propagation · Peak particle
acceleration

1 Introduction

Piling methods are essential for building construction and other structures where
adequate ground support is not directly available. During the impact of pile installa-
tion, waves are generated and at the point of impact, the displacement of an amount
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of soil generates both shear waves and compressional waves. When the P-waves
and S-waves encounter the ground surface, part of their energy is converted into
surface Rayleigh waves and part is reflected into the ground decaying in amplitude
in proportion to the square root of distance [1]. The waves generated by human activ-
ities propagate in the superficial soil layers, as they move away from their source
interact with above ground and in-ground structures. The pile installations create
issues-particularly in urban areas such as environmental disturbance, unwanted noise,
and a potential hazard for the neighboring properties due to the vibrations. Many of
the previous studies presented a numerical model for the prediction of free field
vibrations due to impact and vibratory loading [2]. The peak particle velocity of soil
depends on the soil constants k and n [3]. Pseudo attenuation model developed by
Wiss [1] gives how peak particle velocity varies with respect to distance from source
and energy. A reliable prediction model is required in all cases where it is meant to
be used [4] as the wave propagates through the soil, attenuation takes place in the
form of material and geometrical damping [5].

Many case studies have revealed that ground vibration due to pile driving causes
damage to the adjacent structures. The damage due to pile driving occurs either
directly or via the settlement of soil beneath the foundations. Ground vibrations
caused by pile driving comprise complex radial, transverse and vertical components
at the adjacent ground surface [6]. The potential damage to the adjacent structures
can be prevented by conducting pre-construction surveys, predicting the anticipated
waves before pile driving and monitoring and controlling the vibrations on-site.[7].
It is expected that the vibration level associated with pile driving may vary with
distance from the pile driving site since the resulting wave is of periodic nature,
which is highly attenuated after a short-range. Also, harmonic frequencies are a low
vibration level. Vibrations caused by train loading, blasting, and pile driving can be
measured by using 3D geophones [8]. Amick and Gendreau presented several forms
of vibration limits applicable to construction vibrations together with the results of
a controlled evaluation of construction-related vibrations at a representative site [9].

In the present study, impact loadwas applied on different soil surfaces and for each
drop heights the readings were recorded to get the average values. The peak vertical
acceleration was recorded for different soil types at different positions for different
hammer energies.MEMSaccelerometers can be effectively used in vibration analysis
both in the field and laboratory settings [10]. Also, an attempt to develop a vibration
prediction model on the tested soil is made.

2 Materials and Methodology

To study the wave propagation characteristics of different types of soil, three types
of soil (silty sand, river sand, and lateritic red soil) were selected and collected from
three different locations of Kochi, Kerala. Basic geotechnical properties of soil were
analyzed according to IS 2720 and are summarized in Table 1.
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Table 1 Properties of Soils
used in the study

Property Silty sand River sand Lateritic red soil

Specific
gravity

2.63 2.59 2.67

Coefficient of
friction

35o 37o 30o

Cohesion (kPa) 0.082 0 26

D10 (mm) 0.16 0.25 0.4

D30 (mm) 0.24 0.5 0.9

D50 (mm) 0.31 0.56 1.3

D60 (mm) 0.39 0.6 1.6

Gravel (%) 2 0 0

Sand (%) 92.6 98.4 98.5

Silt (%) 5.4 0.6 1.5

Uniformity
coefficient, Cu

2.437 2.4 4.2

Coefficient of
curvature, Cc

0.923 1.66 1.1

Max dry
density
(kN/m3)

18.52 17.2 18.9

Max Void
ratio, emax

0.79 0.88 0.87

Min void ratio,
emin

0.52 0.508 0.59

2.1 Experimental Setup

A steel tank of length 1.2 m, width 0.70 m, and height 0.90 m was used for the
laboratory study. Stiffeners are provided on the sides of tank to prevent bulging
of sides during the experiment. Impact load was applied using a hammer which is
mounted on a pulley and is properly guided using aMS pipe to ensure that the impact
occurs at the same point on the soil surface. The accelerometers and signal analyzers
are properly arranged on the test setup. The setup can be fitted in to the tank using
bolts in a laboratory while it can be fixed using SPT tripod in a field. The impact
load was provided using 10 kg cylindrical weight which was connected to a rope and
pulley arrangement. The schematic diagram of the experimental setup is shown in
Fig. 1.
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Fig. 1 Schematic diagram of the experimental setup for measuring the vibrations of soil

2.2 Methodology Adopted

Tests were conducted by varying different parameters as follows:

• Type of soil—silty sand, river sand, and lateritic soil
• Relative density—relative density of river sand and silty sand were varied (30 and

60%)



Laboratory Investigation on Wave Characteristics Due to Hammer … 303

• Impact hammer energy—by varying the height of fall of driving hammer, energy
was varied with minimum energy of 50 J and maximum energy of 175 J were
used for laboratory investigation

• Distance of measurements from source of impact—0.25 m and 0.45 m from point
of impact.

Vertical impact tests were conducted to simulate different impact energy using
falling mass of 10 kg with different dropping height (0.5, 1, 1.25, 1.5, and 1.75 m).
The energy was varied from 50 to 175 J. The response of the soil during impact
was measured by two accelerometers which were connected with an Arduino and
which in turn connected with a laptop. Laboratory model study was conducted for
finding wave characteristics by varying relative density, type of soil, distance from
source, and hammer energy. Two accelerometers (ADXL335) were placed at the soil
surface at a distance of 0.25 and 0.45 m from the source of impact to find the peak
particle acceleration. The placement of accelerometer sensors at these positions was
selected in order to reduce the boundary effects and also large distance between the
accelerometers was not possible due to the limitation in the length of the tank. Peak
particle velocity and displacements were found out from the recorded acceleration
value with the help of SeismoSignal software. To understand the influence of relative
density tests were conducted on the two sands at 30 and 60% relative densities.

3 Results and Discussions

To study the wave propagation and attenuation through different types of soil, labora-
torymodel test was conducted by varying the test parameters. This test was helpful to
identify how soil type and the impact hammer energies influence the characteristics
of waves generated at soil surface. Corresponding peak vertical acceleration, peak
particle velocity and displacements were determined in sands at different relative
densities and also, in different soils at constant relative density.

3.1 Effect of Hammer Energy and the Distance from Source
of Impact

Test was conducted on lateritic red soil at 60% relative density with different hammer
energies. Two accelerometers were placed on the soil surface at different position
in order to find the effect of distance from source of impact. One accelerometer
was placed at distance 0.25 m from the point of impact and the second was at
a distance 0.45 m from point of impact. It was observed that acceleration values
increase with increasing hammer energy and decrease with increasing distance from
the point of impactwhichmay be due to the attenuation ofwaves through the soil. The
peak particle velocity and relative soil movement were measured from the recorded
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Table 2 Test results on lateritic soil

Energy(J) A1(m/s2) V1(mm/s) S1(mm) A2(m/s2) V2(mm/s) S2(mm)

50 6.31 8.75 0.26 2.71 2.681 0.105

75 8.68 10.258 0.306 3.82 4.73 0.126

100 9.97 13.88 0.41 4.09 6.06 0.16

125 10.12 13.99 0.42 4.96 6.62 0.18

150 13.07 15.822 0.47 4.96 7.19 0.2

175 15.01 17.03 0.49 6.9 7.83 0.23

acceleration values with the help of SeismoSignal tool. Peak particle velocity and
displacements also show the same trend that of acceleration. The values obtained are
summarized in Table 2. A1 and A2 values were given by ADXL335 accelerometers.
V 1, V 2, S1, and S2 were found out by putting the values of recorded A1 and A2 in
Seismo Signal.

A1—Peak vertical acceleration at a distance 0.25 m from the source on the top of
soil.

A2—Peak vertical acceleration at a distance 0.45 m from the source on the top of
soil.

V1—Peak particle velocity at a distance 0.25 m from the source on the top of soil.
V2—Peak particle velocity at a distance 0.45 m from the source on the top of soil.
S1—Displacement at a distance 0.25 m from the source on the top of soil.
S2—Displacement at a distance 0.45 m from the source on the top of soil.
From Fig. 2, it can be observed that as the distance from the source increases

and the energy of hammer impact decreases, there is a reduction in the peak particle
acceleration values. The acceleration values decrease as expected [11] as the distance
increases from the source. Peak particle acceleration, peak particle velocity and
displacement showed an average decrease of 57% with the source distance rising
from 0.25 to 0.45 m.

The acceleration values obtained from experiments were plotted using Seis-
moSignal software. The acceleration time history corresponding to lateritic soil is
shown in Fig. 3.

3.2 Effect of Relative Density

Impact tests were conducted on river sand and silty sand for two different rela-
tive densities, viz., 30 and 60%. Two sensors were used for the measurement of
acceleration at a distance of 0.25 m from the source and 0.45 m from the source.

It was observed from all the test results that as the impact hammer energy and
the relative density increases, peak vertical acceleration and hence the peak particle
velocity increases. As the relative density increases the inter granular solid to solid
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Fig. 2 Variation in peak particle acceleration (PPA) of lateritic soil with respect to distance from
source

Fig. 3 Acceleration time history of lateritic soil during an impact of 75 J shown by sensor placed
at distance of 0.45 m from source

contact between the sand grains may increase resulting in the significant change in
the travel path.

The variation of wave propagation parameters for river sand and silty sand with
relative density is shown in Figs. 4 and 5, respectively. From the figure, it was also
observed that as the distance from the source increases there was a reduction in each
test result values.
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Fig. 4 Variation of wave propagation characteristics of river sand with relative density

3.3 Wave Characteristics Due to Change in Type of Soil

To study the wave propagation characteristics due to the change in type of soil
different tests were conducted on three types of soil keeping the relative density
constant (60%). It was observed that peak vertical acceleration and peak particle
velocity were higher for lateritic soil followed by silty soil and then river sand. The
acceleration values showed an increasing trend with increasing hammer energy for
all types of soil. The high value of acceleration value obtained by lateritic soil for a
particular energy may be due to high cohesion of the soil. Relative densities of all
the soils were fixed as 60% for all the test. The maximum dry density of lateritic
soil was higher (18.9 kN/m3) than the silty sand (18.52 kN/m3), followed by river
sand (17.2 kN/m3). Thus, as the dry density increases an increase in the propagation
characteristics was observed. The presence of fine particles can also may influence
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Fig. 5 Variation of wave propagation characteristics of silty sand with relative density

the result. The variation in the acceleration value at different types of soil and hammer
energies is shown in Fig. 6.

3.4 Determination of Soil Constants

The prediction of vibration generally requires two constants, namely k and n. These
constants are entirely dependent on soil condition and impact type. The Peak particle
velocity (PPV) is related to impact energy and distance from the impact by the
prediction Eq. 1. (Scaled distance relationship as reported in [1] and [7])
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Fig. 6 Variation of peak particle acceleration with type of soil

v = k
[
d/

√
En

]−n
(1)

where v is the peak particle velocity,

k is the value of velocity at d/
√
E = 1,

d is the distance from the vibration source,
En is the impact energy transferred from the hammer to the soil,
n is the slope or attenuation rate.

Soil constants are determined for each hammer energy for all three types of soil
at 60% relative density. The average values of soil constants are determined and are
shown in Table 3. The attenuation rate values obtained showed good agreement with
the value reported in Balan et al. [12]. The k and n values obtained can be used for
finding peak particle velocity of river sand, silty sand and red soil at any hammer

Table 3 Soil dependent
constants

Soil type k n

Lateritic soil 0.11 1.4

River sand 0.07 1.30

Silty sand 0.10 1.35



Laboratory Investigation on Wave Characteristics Due to Hammer … 309

energy and at any distance from the source. It is possible to predict the level of
vibration is within limit or not using the threshold values set by different countries.

4 Conclusions

Laboratory model studies were conducted by fabricating a model to investigate the
wave propagation characteristics and attenuation of waves in different types of soil
using an impact hammer. The effect of vibration by varying different parameters
(type of soil, relative density, drop height, and distance from source) was studied.
The acceleration induced in the soil was measured using ADXL335 accelerometers
and data acquisition system placed at different positions. Peak particle velocity and
displacements were also found out from the acceleration values with the help of
SeismoSignal software.

• The test setup developed in the laboratory can reasonably predict the wave
propagation and attenuation in soil.

• The peak vertical acceleration (PVA) observed at 0.25 m from source is more than
that of PVA value observed at 0.45 m, this is due to attenuation of waves due to
increasing distance from the source.

• Relative density of soil influences wave propagation. PVA recorded shows an
increasing trend as the relative density increases.

• PVA recorded in all conditions increases as hammer energy increases.
• Red earth gives highest value for peak vertical acceleration and peak particle

velocity compared to river sand and silty sand. This may be due to cohesion and
more interparticle attractions.

• Soil dependent constant for three soils was obtained and are found to be in
agreement with those existing in literature.
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Experimental Estimation of Fabric
in Granular Materials Using Shear Wave
Velocity Measurements

Mandeep Singh Basson, Jasmine Miller, and Alejandro Martinez

Abstract The arrangement of soil particles and inter-particle contacts constitutes the
basis of the soil fabric,which influences the behavior of sandy and clayey soils and can
lead to anisotropic soil properties and behavior. Experimental studies have quantified
soil fabric using non-destructive methods, such as X-ray computed tomography,
which require specialized equipment and complex analysis techniques. Such studies
have reported the effect of soil fabric on the small strain shear modulus (Gmax) and
shear strength and dilative behavior of coarse- and fine-grained soils. The purpose
of this study is to develop an indirect measure of coarse-grained soil fabric using
shear wave velocity (V s) measurements for coarse-grained materials with different
particle shapes. V s is obtained in different directions using a multi-bender element
system consisting of five bender element pairs. The test results are presented as polar
distributions of V s, indicating that particle shape and sample preparation methods
influence the stiffness anisotropy. The results highlight the potential of using V s

measurements in different orientations to obtain an indirect estimation of a soil
specimen’s fabric.

Keywords Granular materials · Fabric anisotropy · Shear wave velocity

1 Introduction

Due to their particulate nature, the behavior of granular materials such as sandy
and gravelly soils is affected by the geometrical arrangement of particles, interpar-
ticle contacts, and void spaces. Often times, soil fabric is anisotropic, leading to
anisotropy in stiffness [1–9], compressibility [2], undrained shear strength [10], and
permeability [4]. Anisotropy in soil properties and behavior is a consequence of
(i) the inherent fabric which is a result of deposition and post-deposition processes
and the gradation and particle shape and (ii) the stress anisotropy resulting from the
state of stresses which affects the forces transmitted at interparticle contacts. This
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directional dependence can be directly investigated by measurements of particle
and contact orientations or indirectly investigated by measurements of, for instance,
skeleton stiffness along different orientations [4].

Shear stiffness at low strains (<10–4%,Gmax) is a fundamental soil property used in
analysis of soil behavior and design of geostructures [3, 6, 8, 11–14]. This parameter
is related to the soil shear wave velocity (Vs) according to the following relationship:

Gmax = ρV 2
s (1)

where ρ is the density of the soil. Therefore, a large body of research has been dedi-
cated to the evaluation of V s either in the laboratory or in the field [7, 11, 12, 15,
16]. The shear stiffness of the soil mass is affected by the interactions between parti-
cles, interparticle contact behavior (elastic, brittle, or viscoplastic), and soil fabric.
Therefore, anisotropy in stiffness is related to anisotropy in interparticle interactions
and fabric [2, 6–8, 15, 17–19]. One advantage of using V s to estimate Gmax is that
the propagation of shear waves through the soil medium is a low-strain perturbation
which does not alter the fabric or cause permanent deformations. Thus, it effectively
provides a non-destructive and repeatable measurement.

Various researchers have elaborated on the use of piezoelectric Bender Elements
(BEs) as actuators and receivers to measure the shear wave velocity of soil specimens
in the laboratory [11, 12, 20–24]. The anisotropy in shear stiffness can be obtained
by comparing the V s measurements from bender elements installed in the vertical
and horizontal orientation across a specimen. In addition, the evolution of the shear
stiffness can be obtained during sample preparation, consolidation, and shearing [5,
8, 23]. Although these studies provide indirect evidence that the anisotropy in V s is
related to fabric anisotropy, it remains a challenging task to obtain an angular repre-
sentationof fabricwith standard laboratory equipment. Thiswould enable researchers
to perform investigations on the effect of fabric on soil behavior and on the evolu-
tion of fabric during soil shearing which would inform the development of advanced
constitutive models for geotechnical analysis and design.

This paper describes the development of a multi-bender element testing setup
for the estimation of fabric anisotropy in laboratory specimens. This testing setup
employs several BE pairs that transmit shear waves throughout the specimen in
different orientations during isotropic compression. Various granular materials,
including glass beads, long grain rice, and natural sand, were tested to highlight
the effect of particle shape and sample preparation procedures on the evolution of V s

along different orientations. These results are used to generate polar histograms of
V s which suggest that the proposed system can be used to indirectly estimate fabric
anisotropy in the laboratory.
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2 Laboratory Experimental Procedure

2.1 Bender Element Configuration

The orientation of the different BEs in the multi-bender element system was selected
based on previous fabric studies using the discrete elementmethod (DEM) [1]. Based
on the polar histograms of contact normal and normal contact force for granular
materials under isotropic compression as shown in Fig. 1a, the BEs were oriented at
the angles of 90° (vertical), 75°, 65°, 55°, and 50°, respectively. The bender elements
consist of standard piezoelectric actuators, part number T220 from Piezo Systems
Inc. The BEs were coated with two layers of epoxy raisin after a parallel connection
was made between the two electrodes. Finally, the coated BEs were embedded in
polycarbonate end caps diameter and height of 71 mm and 50 mm, respectively.
Polycarbonate was chosen for its workability and insulation properties. The BEs
were embedded in the end caps with silicone resin such that they had an average free
length of 4 mm. Figure 1b shows the holes in the polycarbonate caps and Fig. 1c
shows the bottom cap with all the embedded BEs. An external vacuum pump is used
to control the effective stress within the specimens; this vacuumwas applied through
ports on the top and bottom caps that were connected to the specimen through slits.
The slits were covered with wire mesh which was used to ground the system and to
avoid clogging of the lines with particles.

A waveform generator that produced a square wave with a voltage of 4.5 V was
used to drive the BEs, according to recommendations by [21]. The square wave was
sent through BEs embedded in the top cap and received through the BEs embedded
in the bottom cap. The received signal was first filtered using a butterworth filter and
then boosted with a gain of 20. Finally, both the transmitted and the received signals
were fed into an oscilloscope (PicoScope) for analysis.

Fig. 1 a Polar histogram of contact normal during isotropic compression from DEM simulations
from [1] with arrows indicating orientation of BEs in multi-bender element system, b machined
holes in the polycarbonate caps for the BEs, c bottom cap with all the BEs embedded
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2.2 Tested Materials and Sample Preparation

Three materials were tested to study the effect of particle shape and fabric on the
angular variation shear wave velocities on dry specimens (Fig. 2). Monosized glass
beads with a particle diameter of 0.5 mm were used to prepare specimens with small
to negligible fabric anisotropy. Long grained rice was used to simulate the prolate
particle shape with an aspect ratio of 3.94. Monterey sand, whose particles have an
average sphericity of 0.89 and aspect ratio of 1.34, was used as the natural sand
material.

Previous studies have highlighted the effect of sample preparation on the fabric
of soil specimen which leads to considerable changes in responses such as stiffness
and Ko [1, 7], undrained shear strength [10], and accumulation of deformations
[7, 19]. Samples of glass beads, long grain rice, and Monterey sand were prepared
using the dry deposition (DD) method during which the oven-dried particles were
poured into the specimen mold in several layers using a funnel. The funnel was kept
slightly above the surface of the material for each layer and gradually raised with a
constant velocity to deposit the particles uniformly. Additional samples of Monterey
sand were prepared by tamping each layer after dry deposition with the intention of
creating a different initial fabric. Dry deposition produces an initial anisotropic fabric
with more contacts oriented in the vertical direction, whereas tamping randomizes
the orientation of the contacts, thereby decreasing the initial fabric anisotropy [25].
Once a final specimen height of 33 mm was reached, the top cap was inserted, and
a vacuum of 10 kPa was applied to the specimen. The isotropic stress was increased
from 10 to 60 kPa in 10 kPa increments and then decreased back to 10 kPa. Shear
wave velocity measurements were taken for all the five BE pairs for each stress
increment/decrement. To determine the density and void ratio of the specimens,
their diameter was measured at three different positions and their height was taken
at four points for each stress increment/decrement. The void ratios at 60 kPa were
0.52 for glass beads, 0.45 for rice, 0.75 for DD Monterey sand, and 0.66 for tamped
Monterey sand. Although there is a difference in void ratio for the tamped and dry
deposited samples of Monterey sand, the results from these specimens are used to
investigate the effect of sample preparation technique. Figure 3 shows photographs
of long grain rice and Monterey sand specimens at 60 kPa. The rice specimen shows
that the particles are not clearly arranged in a preferential orientation.

Fig. 2 Different tested materials, a glass beads, b rice, c monterey sand
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Fig. 3 Prepared sample at 60 kPa for rice (Left) and monterey sand (Right)

3 Results and Discussion

3.1 Determination of Travel Time

The propagation of shear waves in granular materials is a complex physical
phenomenon which produces uncertainty in the signal interpretation, especially in
the determination of travel time [12, 20–22, 24, 26, 27]. Furthermore, wave reflec-
tions, near field effects, BE directivity, and interference from compression waves
add complexity and uncertainty in determination of travel times. Travel times were
determined in this investigation based on visual identification of deflection in the
received signal [21, 24, 27]. The initial part of the received signal contains small
features due to near field and boundary effect. After the first deflection, the received
signal reaches the first peak and starts to reverse in direction. The point of intersec-
tion of the reversing signal and the zero line is the point of first reversal, which was
taken as the point of first arrival in this study. This travel time based on the point of
first reversal eliminates the near field effects and matches with the travel time from
signal matching techniques [21].

Figure 4a shows the typical rawunfiltered transmitted and received signal in a glass
bead specimen confined isotropically at 60 kPa. The transmitted signal is shown in
black and the received is shown in blue. After the noise is filtered using a butterworth
filter, the time of first arrival is determined as described above. Figure 4b shows the
filtered signal along with the black arrow pointing at the point of first reversal.

To verify the accuracy of the determination of the point of the first arrival, addi-
tional measurements were taken at different stresses with the polarity of the trans-
mitting BE reversed. The received signals with the original polarity (Polarity A) and
the reversed polarity (Polarity B) are plotted in Fig. 4c. The point at which the signals
intersect each other was taken as the point of the first arrival. The difference in the
time of arrival from visual interpretation (213 ms) and the polarity reversal (220 ms)
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Fig. 4 a Typical unfiltered
transmitted (black) and
received (blue) signal,
b filtered signal denoting the
point of first reversal, c point
of first reversal as obtained
from the point of intersection
of signals with original
(Polarity A) and reversed
(Polarity B) polarity of
transmitting BE

is around 3%, indicating the negligible difference between both methods. The wave
travel distance was computed using the sample height, the protrusion of each BE
outside the end caps, and any tilting of the end caps. The shear wave velocity was
computed by dividing the travel distance between each BE pair by the corresponding
time of first arrival.

3.2 Influence of Confining Stress on Vs

Different relationships between the shear wave velocity and the effective confining
stress have been proposed in the literature [2, 11, 15, 17, 28, 29]. Most relationships
take the form of a power law, such as:
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Vs = α
(
σ

′
m

)β

(2)

where σm
′ is the mean effective stress in the polarization plane, α is the shear wave

velocity at an effective confining stress of 1 kPa, and β is an exponent that captures
the sensitivity of the skeletal shear stiffness to σm

′. The β exponent reflect the nature
of interparticle contacts and both the α coefficient and β exponent capture changes
in fabric during loadings. For an isotropic stress state, σm

′ is the effective confining
stress on the specimen. Increases in effective confining stress cause both change in
contact stiffness and change in fabric through rearrangement of particles [2, 15, 17].

The V s measurements from the BE pairs in different orientations follow a power
law with mean effective stress as described in Eq. 2 and shown in Fig. 5. The magni-
tude and evolution of V s with increasing mean effective stress for the glass bead
specimen are nearly identical in the five different orientations. This is due to the
negligible fabric anisotropy induced by the spherical particles and the isotropic state
of stresses. For the rice specimen, there is a consistently larger V s for the BE pair
oriented at 65°; however, the evolution of V s is similar for the BE pairs oriented at
50°, 55°, 75°, and 90°. The results from the dry deposited Monterey sand specimens
show a decrease in V s with decreasing angle of the BE pair. This indicates that the
specimen is stiffer in the vertical orientation. Since the state of stresses is isotropic,
this anisotropy in V s is produced by anisotropy in fabric. The V s for the tamped

Fig. 5 Increase in the V s with an increase in confining stress for different bender orientation and
different materials
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Fig. 6 β exponents and α

factors from glass beads,
rice, and Monterey sand
specimens

Monterey sand specimen is higher than that of the DDMonterey sand specimen due
to the former’s greater density. In addition, the V s is greater at an orientation of 65°
for the tamped Monterey sand specimen.

The α coefficient and β exponent, from fits using Eq. 2, were determined for all
five BE pairs at all the different mean effective stresses. The results are plotted in
Fig. 6, showing an inverse relationship betweenα andβ values. The results and trends
are in agreement with observation reported in the literature for soils, sands, clays,
and cemented rocks [2]. Analytical solutions and experimental data on interparticle
contact deformation at constant fabric justify the following β values: 0 for ideal solid
or cemented rocks, 1/6 for elastic Hertzian contact, and 1/4 for rough or angular
contact [17].

Results for glass beads show a low α value and a high β value, in agreement with
ranges reported in the literature [16, 30]. The relatively high value of β exponent for
glass beads can be attributed to their surface roughness, initial fabric induced by the
DD preparation technique, and the particle rearrangement (fabric changes) during
compression [16, 30]. The results for long grain rice specimen indicate a higher α

value and lower β value and are also within the range reported in the literature [26].
This combination usually indicates viscoplastic deformation of contacts upon early
loading. This contact deformation, as well as the presence of adsorbed moisture,
caused a slight cementation between the rice particles which was observed after the
removal of the sample. The results for the Monterey sand specimen lie in between
the results for the glass beads and rice specimens. For the dry deposited sample,
the response is closer to that of the glass beads sample at lower stresses, gradually
moving towards the response of rice as the confining stress is increased. These results
indicate two extreme ends in the evolution of V s with confining stress for granular
materials; one end being the results of nearly spherical shape of glass beads and the
other end being the results of prolate shape of rice particles, with the results of natural
soil particles in between these two extreme ends.
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3.3 Angular Variation of Vs for Different Confining Stresses

Vector analysis of contact normal unit vectors, contact normal force vectors, and
contact shear force vectors have been used to investigate the anisotropy of soil fabric
and its evolution as a response to the applied loading. This anisotropy in fabric is
typically represented either in the form of a tensor or in the form of a polar histogram
[e.g., 3, 8, 18, 23]. The polar histogram for contact normal and contact normal force
is similar and is approximated by the following analytical expression [7]:

E(θ) = Eavg(1 + a cos 2(θ−θn)) (3)

where a is the magnitude of anisotropy, θn is the preferential orientation of the
angular distribution, and Eavg is 1/2π for contact normal distribution or average
contact force (f avg) for contact normal force distribution. An isotopic distribution
would be circular with an anisotropy value, a, close of zero, whereas an anisotropic
distribution would tend toward a peanut or egg shape with a high anisotropy value.
TheV s measurements from thedifferentBEpairs canbeused to determine the angular
distribution. This distribution can be fittedwith an equation that is analogous to Eq. 3,
as follows:

Vs = Vs,avg(1 + an cos 2(θ−θn)) (4)

where an is the magnitude of V s anisotropy, θn is the preferential orientation from
horizontal of the distribution, and V s,avg is the average V s for a given mean effective
stress. The polar plots for V s were developed based on the assumption of cross-
anisotropy in the specimen for different materials. This assumption is expected to
hold true for the imposed isotropic state of stresses [31] and the cylindrical shape of
the specimens. The polar plots for different materials are shown in Fig. 7, and the
evolution of an is shown in Fig. 8.

Due to the similar V s in all directions for the glass bead specimen, the corre-
sponding polar plots for the different mean effective stresses are concentric circles
(Fig. 7). The V s anisotropy for glass beads is zero for all the stress levels (Fig. 8).
For the rice specimen, the V s at 65° is greater than that at the other orientations.
However, the overall distribution is relatively uniform, possibly due to the random
orientation of particles, with small anisotropy values between 0.010 and 0.013. The
angular distributions for DD Monterey sand specimens are peanut-shaped with a
high V s anisotropy of around 0.25. This anisotropy is the combined effect of particle
shape and the initial fabric resulting from the DD preparation. The an value for
Monterey sand specimen prepared by tamping is small compared to an value for
DD Monterey sand specimen. The tamping method produces a random orientation
of particles which leads to a decrease in the initial fabric anisotropy; however, the
elongated shape produces a slight anisotropy.
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Fig. 7 Polar plots ofV s for different confining stresses for differentmaterials; warmer colors denote
higher effective confining stresses

Fig. 8 Evolution of an with
confining stress for different
materials
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Fig.9 a Contact normal force anisotropy for circular particles under isotopic compression from
[1], b V s anisotropy for glass beads under isotropic compression

The polar histogram of contact normals and shear wave velocity follows similar
trends. For instance, the histogram for contact normal from simulations on an isotrop-
ically consolidated specimen composed of spherical particles is circular, indicating
an isotropic distribution (Fig. 9). In a similar manner, the V s histogram obtained with
themulti-bender element system for the specimen of glass beads is also circular, indi-
cating an isotropic distribution (Fig. 9).While the similarity in the polar histograms of
various fabric quantities with that of V s still needs to be verified for different particle
shapes, the results presented herein suggest that V s measurements can provide an
indirect measurement of the fabric anisotropy in soil specimens.

4 Conclusion

In this paper, the efficacy of using the anisotropy in shear wave velocity as an indi-
rect measurement of fabric anisotropy is investigated. A novel multi-bender element
apparatus, with five pairs of bender elements in different orientations, was devel-
oped, and wave propagation experiments were conducted for three different mate-
rials under varying magnitudes of isotropic compression. The particle shape, particle
arrangement, and contact behavior have an important effect on the anisotropy in shear
stiffness, which manifests in the directional variation of V s. The fabric anisotropy
and its direction were estimated by curve fitting of the polar histograms of V s for
different confining effective stresses. Spherical glass beads produced near isotropic
V s distributions, whereas the Monterey sand produced a peanut-shaped, anisotropic
V s distribution. This newly proposed testing setup can provide a complete angular
distribution of V s, may be used as an indirect measurement of a specimen’s fabric
anisotropy.
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Shear Behavior and Strain Localization
of Kutch Soil

Tanaya Mukati, Rasikh Nazir, and Ajanta Sachan

Abstract The mechanical behavior of soil mass is governed by its mode of defor-
mation. When homogeneous soil mass is subjected to large deformations, it can
create concentrated zones of localized deformations within the soil mass. These
non-uniformities can be attributed due to the imposed testing conditions or the
imperfections inherited within the soil mass. The initiation and propagation of these
localized deformations can strongly impact themechanical behavior of soil. The non-
uniformity due to the testing conditions can be minimized by using lubricated end
boundary system. The field conditions can be simulated in a more realistic manner
by using lubricated end boundary system as it provides free-free boundary condi-
tions as compared to fixed–fixed boundary conditions in conventional frictional end
boundary system. The aim of the current study is to evaluate the shear behavior
of silty-sand Kutch soil under lubricated end boundary conditions and correlate the
responsewith strain localization patterns of soil. A series of isotopically consolidated
undrained compression (CIUC) tests were performed at varying confining pressures
under lubricated end boundary conditions. Digital images of the deforming soil spec-
imen were captured during its shearing stage, and digital image analysis (DIA) was
performed to obtain the strain localization patterns of soil specimens at different
global axial strain levels at chosen confining pressure. The strain localization anal-
ysis exhibited an increased tendency to localized deformations as confining pressure
was reduced. The Kutch soil specimens reported the diffused mode of failure for all
three confining pressures (100, 200 and 300 kPa).

Keywords Strain localization patterns · Shear behavior · Lubricated boundary
restraints · Digital image analysis
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1 Introduction

The mechanical behavior of soil mass is attributed to its mode of deformation. When
a soil mass is subjected to loading at high strain levels, it tends to deform non-
uniformly leading to the formation of localized zones of deformation within the
soil mass. Hence, it becomes essential to study the mechanism of deformation and
failure of soil mass in the field of geotechnical engineering. The strain localization
in a soil specimen could occur due to the imperfections possessed by it, non-uniform
loading or the boundary conditions [1–5]. Rowe and Barden [6] suggested the use
of lubricated boundary conditions with specimens having an aspect ratio of 1, in
order to minimize the effect of non-uniform straining throughout the height of the
specimen. Therefore, the current study was carried out for soil specimens with an
aspect ratio of 1 under lubricated end boundary conditions. Over the years, various
numerical studies were carried out to understand the concept of strain localization.
However, now with the advancement of technology, the initiation and propagation
of strain localization can be monitored experimentally and more accurately. Takano
et al. [7] used a combination of digital image correlation and CT-tomography tech-
nique to study the evolution of strain localization. Previously, digital image analysis
(DIA) was also utilized to analyze the strain localization patterns of the deforming
soil specimen [8, 9]. Mostly, the studies presented the nature and analysis of strain
localization patterns; however, its correlation with the shear behavior was not much
discussed. Generally, these studies were carried out using frictional boundary condi-
tions and limited work was done on lubricated boundary conditions with different
confining pressures. The present study involves the investigation of strain localization
of silty-sands under lubricated end boundary system at different confining pressures.
Digital image analysis was used to evaluate the strain localization contours with
an assumption that there was no relative displacement between the membrane and
the soil specimen. An attempt was made to correlate the shear strength behavior of
silty-sand with its strain localization patterns.

2 Material Properties

The current study was carried out on the soil samples collected from Fatehgarh;
an earthen dam located in Kutch district of Gujarat. The in-situ density and water
content were measured using core-cutter method and were found to be 2.06 g/cc
and 6.7%, respectively. The basic geotechnical properties of the soil sample were
evaluated in the laboratory of IIT Gandhinagar. The soil sample was classified as
SM type, as per Indian Standard Soil Classification System. The soil was found to
have 83% sand, 14% silt and 3% clay content. The specific gravity was obtained to
be 2.68. The optimum moisture content and maximum dry density of collected soil
were determined to be 7.5% and 2.17 g/cc, respectively.
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3 Lubricated End Triaxial Setup and Specimen
Preparation

The lubricated end triaxial setup was developed to conduct the strain localization
analysis of specimen with aspect ratio 1 [6, 10]. Smooth aluminum platens with
six radial drainage points at its periphery were fabricated and used to simulate the
lubricated end boundary conditions. A thin layer of silicone grease was applied at
the surface of the aluminum platen. A circular latex membrane of 100 mm diameter
was placed at the top of the grease layer. Two strips of filter paper (30 mm wide and
360 mm long) were placed on the periphery of the platen in such a way that one half
of the width was on top platen and the other half was covering the radial drainage. A
circular filter paper of 150 mm diameter was placed on the platen in order to cover
all the radial drainage points. In order to analyze the strain localization pattern, a
dotted latex membrane with mesh size of 7 mm was used (Fig. 1a).

The solid cylindrical soil specimens were prepared at 95% of maximum dry
density (MDD). The cylindrical soil specimens of 100 mm height and 100 mm
diameter (aspect ratio 1) were prepared usingmoist tamping technique, as per ASTM
D4767-04. This technique involved the use of a three-piece mold made of aluminum
with a base plate and a collar at the top. The soil was divided into three equal parts,
and an equal amount of compactive effort was imparted to each layer. In order to
ensure uniform bond between the layers, each soil layer was scratched with a knife.

Fig. 1 Images of the soil specimen at a 0% global axial strain b 16% global axial strain
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4 Experimental Program

In the present study, a series of isotropically consolidated undrained compression
(CIUC) triaxial tests on lubricated ends were performed at different confining pres-
sures of 100, 200 and 300 kPa [11]. Water flushing and back pressure were used to
saturate the specimens. Skempton’s pore pressure parameter B was ensured to be
above 0.95 before consolidation. All the specimens were sheared at a strain rate of
0.1 mm/min.

To perform digital image analysis (DIA) on deforming specimen, images of the
soil specimen were captured during shearing stage with the help of a DSLR camera
mounted over a tripod stand. The images were taken for every 0.5 mm deformation,
i.e., at an interval of 5 min. These images were processed and strain localization
contours were obtained using GeoPIV-RG MATLAB module [12]. In each image
about 153 dots, i.e., 17 rows were tracked to analyze strain localization. The surface
was assumed to be planar. 8–9 dots were tracked in each row to minimize the effect
of curvature. Each image was fed into the module and the centers of the dots were
picked manually. The intensity threshold numbers were noted, where the symmetric
shaded region was obtained. The lower and upper intensity thresholds were tagged
manually to locate the centroid for each dot and an output file containing coordi-
nates was obtained. These coordinate files obtained for all the images, which were
utilized to track the relative displacement of the dots. The strain field elements were
further determined using Delaunay triangulation. The strain contours were plotted
at different global strains to conduct the strain localization analysis.

5 Results and Discussions

5.1 Shear Strength Behavior of Fatehgarh Soil Under CIUC
Triaxial Conditions

The stress–strain behavior of Fatehgarh soil specimens at different confining pres-
sures of 100, 200 and 300 kPa under CIUC triaxial conditions is shown in Fig. 2a.
The peak deviatoric stress was observed to occur around 2% axial strain followed
by post-softening response for all the three confining pressures. It was observed that
the stiffness of the soil specimen increased with the increase in confining pressure.
The effective shear strength parameters c′ and F′ were obtained to be 0 kPa and 26°,
respectively (Fig. 2d). The total shear strength parameters c and F were obtained
to be 10 kPa and 19°, respectively (Fig. 2e). All the specimens exhibited bulging at
failure during the shearing stage. The strain contours corresponding to small axial
strains were also evaluated to evaluate the strain localization initiated before or
after the peak stress. The excess pore water pressure response of the soil specimens
at different confining pressures was observed to be positive indicating contractive
behavior (Fig. 2b). Significant increase in contractive behavior was observed with
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Fig. 2 Shear strength behavior of Fatehgarh soil underCIUC triaxial conditions: a deviatoric stress–
strain response, b pore water pressure response and c effective stress paths d Modified effective
failure envelop (q–p′) e Modified failure envelop (q–p)
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Fig. 2 (continued)

the increase in confining pressure. The effective stress paths (q−p′) were plotted
using MIT model where p′ and q were defined using Eqs. 1 and 2, respectively. The
effective stress paths moved toward the origin indicating contractive behavior at all
three confining pressures, as shown in Fig. 2c. The effective stress paths indicated
the tendency of soil specimen to undergo static liquefaction.
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Fig. 2 (continued)

p′ = σ ′
1 + σ ′

3

2
(1)

q = σ ′
1 − σ ′

3

2
(2)

5.2 Strain Localization Patterns of Fatehgarh Soil Under
CIUC Triaxial Conditions

The specimen image captured at 0% global axial strain level was taken as reference
to calculate the relative displacement between the dots for the evaluation of strain
localization patterns corresponding to different axial global strains, i.e., 0.5, 1, 1.5,
2, 4, 6, 12 and 16%. Figures 3 and 4 depict the strain localization patterns developed
at different axial global strain levels corresponding to different confining pressures.
For all the three confining pressures (100, 200 and 300 kPa), the maximum local
strain of about 35% was observed to develop at a global axial strain of 16%. For
100 kPa confining pressure, the peak deviatoric stress was revealed at an axial global
strain of 1.3% (Fig. 2a). However, the variation in the strain localization patterns
corresponding to 0.5, 1 and 1.5% global strains was observed to be insignificant
(Fig. 3a). The previous strain localization studies reported the initiation of localized
deformation before or at the peak deviatoric stress. However, in the present study, the
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Fig. 3 Strain localization pattern of Fatehgarh soil under CIUC triaxial conditions before failure
at a 0.5% global strain level, b 1% global strain level, c 1.5% global strain level and d 2% global
strain level
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Fig. 3 (continued)

initiation of strain localization was observed to occur after peak deviatoric stress. The
onset of localized deformation in specimen subjected to 100 kPa confining pressure
was observed at 2% global strain, at which deviatoric stress was 88% of the peak
deviatoric stress and maximum local strain was about 10% (Fig. 3d). Beyond 2%
of global strain level, the strain localization patterns became more pronounced and
intensity of the localized deformations increased throughout the height of the spec-
imen. Similar trend was observed in the soil specimens subjected to 200 and 300 kPa
confining pressures. Although the specimens subjected to 200 and 300 kPa exhibited
peak deviatoric stress at global axial strain levels of 1.5% and 1.8%, respectively, the
initiation of strain localization was not significantly revealed at these strain levels
in the strain localization patterns. The localized deformation in specimens subjected
to 200 and 300 kPa confining pressure was observed to initiate at a global strain
level of 4% and 6%, respectively (Fig. 4a, b). The deviatoric stress at 4% and 6%
global strain in specimens subjected to 200 kPa and 300 kPa, respectively, was found
to be 65 and 72% of the peak deviatoric stress, respectively. This was due to the
specimen subjected to lowest confining pressure acquired higher post-consolidation
void ratio as compared to other specimens leading to higher compressibility. Hence,
early initiation of local concentrations of strains was observed in the specimens.
At 12% global axial strain, the intensity and zones of localized deformation were
observed to increase suddenly for all the three confining pressures. There could be
a possibility that the localized deformation had already propagated inside the soil
specimen; however, the present study is carried out by analyzing the outer surface
of the soil specimen only. The strain localization patterns were observed to be more
pronounced at higher strains for all the three confining pressures indicating the crit-
ical state failure as the dominating failure criterion for this soil. At maximum global
axial strain level of 16%, the strain localization patterns for all the three confining
pressures exhibited a diffused mode of failure. For all the three confining pressures,
the localized deformation was found to initiate from the bottom of the soil specimen
and propagate from bottom to top of the specimen’s height.
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Fig. 4 Strain localization pattern of Fatehgarh soil under CIUC triaxial conditions after failure at
a 4% global strain level, b 6% global strain level, c 12% global strain level and d 16% global strain
level



Shear Behavior and Strain Localization of Kutch Soil 335

Fig. 4 (continued)

6 Conclusions

Shear behavior and strain localization patterns of Fatehgarh soil were evaluated
in the current research by conducting a series of CIUC triaxial tests at different
confining pressures of 100, 200 and 300 kPa. Digital image analysis (DIA) technique
was used to evaluate the initiation and propagation of non-uniform strains. The key
observations of the present study are as follows:

• CIUC triaxial test results indicated the well-defined peak at less than 2% axial
strain, followedby the post-peak softening response for all the confining pressures.
Bulgingwas observed in specimens at the timeof failure during shear deformation.
The excess pore pressure evolution and effective stress path response revealed a
contractive behavior of soil at all the three confining pressures.

• Onset of strain localization at 100 kPa confining pressure was observed at 2%
global strain. However, the specimens at 200 and 300 kPa confining pressures
exhibited the onset of strain localization at 4% and 6% global strain, respectively.

• The zones of localized deformation became more pronounced at higher strain
level at all three confining pressures, which indicated the critical state failure as
the governing failure criteria for this type of soil.

• For all the confining pressures, the soil specimens exhibited diffused mode of
failure.
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Evaluation of Wave Propagation
Parameters and Attenuation
Characteristics of Homogeneous
Cohesionless Soil Media

B. Vinoth and Ambarish Ghosh

Abstract A detailed laboratory model study has been carried out to determine wave
propagation parameters and attenuation characteristics of homogeneous cohesionless
soilmedia byusing shallow surfacewavegenerated due to impact load. Surfacewaves
have been generated due to impact load for varied impact energy levels (4–20 Nm),
and motion of soil particles has been measured by using seismic accelerometers on
surface of the soil medium for different radial distances (0.4–1.6 m). A simplified
analysis procedure has been performed by using correlation of spectral signal of
different radial distances to determine wave propagation parameters like Rayleigh
wave velocity (VR, m/s) and Rayleigh wavelength (λR,m) and also develop experi-
mental dispersion curve form the different receiver spacing (�x,m). The attenuation
properties of soil like geometric attenuation (γ ) and material attenuation

(
α,m−1

)

have been evaluated from the characteristics of spectral signal in frequency domain.
Finally, the obtained values from the laboratory model test have been compared with
the published research work.

Keywords Surface wave · Rayleigh wavelength · Rayleigh wave velocity ·
Geometric attenuation and material attenuation

1 Introduction

Soil is a natural material and it has a complex behavior. In soil mechanics and soil
dynamics, one of the primary tasks is to evaluate the engineering properties of geoma-
terial by using laboratory or in-situ testing methods for the safe design and analysis
of substructure and superstructure. In soil structure interaction, one of the important
engineering properties which have been commonly used in design and analysis is
the stiffness profile of the soil. To study the behavior of soil under dynamic loading
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condition has been very much essential, to understand the dynamic forces and defor-
mation characteristics induced in the soil medium that mainly affects the nearby
existing structures. Ground motion has been mainly induced due to natural disaster
or man-made vibration, which causes the foundation failure, footing failure, settle-
ment problem, structural member failure and soil may lose its shear strengths due
to liquefaction, etc. [1, 2]. So, the proper assessment of the engineering properties
of soil is required for the safe design of engineered structures, which are very close
proximity to earthquake zone orman-made vibrations are required. The various labo-
ratory experiment and field in-situ techniques are available to evaluate the dynamic
characterization of soil like shear modulus, damping ratio, surface wave velocity,
and shear wave velocity under different shear strain rate. In the 1980s, one of the
emerging techniques evolved to determine the dynamic properties of soil by using
shallow surface wave. The main objective of this method is to evaluate the stiffness
profile of the near-surface geomaterial [3, 4].

Due to ground motion, the seismic waves are generated and propagate in the soil
medium; there are mainly two types: (1) surface waves and (2) body waves [1]. The
surface wave can propagate far distance and also it has two-third or 67% of its input
energy [5]. One of the important surface waves which have been used to determine
the properties of the geomaterial is Rayleigh wave velocity, because the Rayleigh
wave velocity has been directly influenced by shear wave velocity of the geomaterial.
So, surface wave propagation parameters are very much important in order to eval-
uate the stiffness profile of the soil. The soil is not an elastic material; it had viscous
properties or dissipation of energy due to its inherent characteristics of geomaterial.
The attenuation characteristics of surface waves are another important parameters
often used to assess the damping properties of the soil [6]. During inversion tech-
nique, one of the major tasks is to evaluate the dynamic properties of soil which is
first to develop the theoretical dispersion curve from the assumed soil parameters
(either density, Poisson’s ratio, thickness, shear modulus, and shear wave velocity),
after development of the theoretical dispersion curve, the next step is to match the
theoretical dispersion curve with the obtained experimental dispersion curve, until
both curves become good fit with the assumed soil parameters (iterative process).
So, in order to construct the stiffness profile (shear wave velocity or shear modulus
profile) of soil, first we have to evaluate the experimental dispersion curve for the
surface wave.

The present research workmainly focuses on determination of surface wave prop-
agation parameters and attenuation characteristics of homogeneous cohesionless soil
from the laboratory model study.

• The attenuation characteristics of soil
(
γ and α,m−1

)
have been determined

from the varying input energy from 4 to 20 Nm with respect to corresponding
radial distance 0.4–1.6 m.

• To evaluate the surface wave propagation parameters (λR,m and VR, m
s ) of the

soil medium.
• To develop the experimental dispersion curve for the homogeneous cohesionless

soil medium for the various receiver spacings 0.4–0.6 m.
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2 Experimental Model Study

Experimental model study has been comprised of testing tank, test material, soil bed
preparation techniques, vibration source, and vibration monitoring instrument which
has been discussed detail in given below Sects. 2.1–2.3. Figure 1 shows the complete
experimental test setup that has been used in the present research work.

2.1 Test Tank and Test Material

The size of the experimental model tank 2 m × 1.5 m × 1 m (inner dimension of
the tank) has been used to carry out this research work. The air-dried homogenous
cohesionless sandy soil has been used as a test material and the index properties
of the soil have been determined from the laboratory test as shown in Table 1. The
expanded polystyrene sheet (Thickness is 4.5 cm) has been used to avoid the wave
reflection from the boundary of the wall that keeps the surface wave propagates as
infinite condition in the soil medium.

1 1. Loading Frame

2. Sand Raining Hopper

3. Vibration Source (2 kg)

4. Seismic Accelerometer

5. OROS Vibration Ana-

lyzer

2

3

4

5

1 m

Fig. 1 Experimental test setup
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Table 1 Properties of soil Sl. No Index properties Values

1 Specific gravity of the soil 2.65

2 Coefficient of curvature (Cc) 1.10

3 Coefficient of uniformity (Cu) 2.05

4 Maximum dry density (γdmax, kN/m3) 16.98

5 Minimum dry density (γdmax, kN/m3) 14.24

6 Density of the soil medium (γd,kN/m3) 15.63

7 Relative density of the soil (RD, %) 55

2.2 Bed Preparation

The density of the soil bed is 15.63 kN/m3 and the corresponding relative density of
the soil is 55%. The above density has been achieved by using sand raining method
and the desired height of fall is 75 cm. The height of fall has been determined from
the trial test.

2.3 Vibration Source and Monitoring Instrument

The impact load has beenused to generate the surface vibration in soilmediumand the
mass of 2 kg has been dropped from the height of fall of 0.2–1 m in the circular steel
plate that lies in the soil surface, from that vibration force has been transmitted to the
soil medium. ICP seismic accelerometers (PCB seismic accelerometers, Model No:
TLD394B04) have been used to receive the amplitude ofmotion of soil particles from
different radial distances (0.4 to 1.6 m). The frequency range of seismic accelerom-
eters varies from 0.06 to 450 Hz and has been mounted on soil surface by using
15 cm long spike. The seismic accelerometers have been connected to the OROS
spectrum analyzer that records and stores the vibration data in both time domain and
frequency domain for the post-processing analysis. The loading arrangement and
vibration monitoring instrument setup has been shown in Fig. 1.

3 Test Program

In this section, the methodology or work plan that has been carried out in laboratory
model study has been discussed. In laboratory model test, the following parametric
variation being carried out to evaluate the surface wave propagation parameters
(λR, m and VR m/s), experimental dispersion curve for different receiver spacing,
and attenuation characteristics of soil (γ and α,m−1) in Table 2. The layout of the
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Table 2 Parametric variation Sl. No Properties and parametric
variation

Ranges

1 Density of the soil

(γd , kN/m3)

15.63

2 Relative density (RD, %) 55

3 Input energy variation (E,
Nm)

4, 8, 12, 16 & 20

4 Height of fall (cm) 20, 40, 60, 80 & 100

4 Radial distance (x1 to x4, m) 0.4, 0.8, 1.2 & 1.6

5 Receiver spacing (�x , m) 0.4, 0.5 & 0.6

6 Polystyrene sheet thickness
(t, cm)

4.5

test program is shown in Fig. 2. In Fig. 2, the offset distance was including the
thickness of the Polystyrene sheet.

• To monitor the motion of the soil particles in both time domain and frequency
domain. The amplitude of themotion of soil particles (particle velocity, mm/s) has
been measured on surface from their equilibrium position with respect to radial
distances from the corresponding input energies as shown in Table 2.

• For the given constant energy (12 Nm), to monitor the amplitude of soil particles,
by varying the receiver spacing in the soil medium as shown in Table 2.

. 

Length = 1.9 m

OROS SPECTRUM ANALYZER

Size of Tank (m): Length = 2m, Depth 
= 1m and Width = 1.5m

Δ = Receiver Spacing
= Radial Distance

O1 = Offset Distance 20 cm
O2 = Offset Distance 10 cm
S = Vibration Source 

= Expanded Polystyrene 
Sheet

= Seismic Accelerometer

∆ ∆∆S

Fig. 2 Layout of the test program



342 B. Vinoth and A. Ghosh

4 Analysis Procedure

This section has briefly explained the analysis procedure being used to evaluate the
attenuation characteristic and wave propagation parameters of soil.

4.1 Attenuation Characteristics of Soil

The energy in surface wave amplitude has been attenuated as a function of both
distance and the characteristics of material [13]. The surface wave attenuate due to
distance mainly depends on geometrical spreading of wavefront and type of wave
propagating in the soil medium [5–7] and attenuation due to properties of mate-
rial mainly depends on hysteretic condition of soil, cohesion, and internal friction
between soil particles (i.e., viscous or damping properties).

The geometric attenuation coefficient (γ ) has been determined as a function of
radial distance has been expressed in Eq. (1).

V2(t)

V1(t)
=

(
X1

X2

)γ

(1)

where γ is geometric attenuation coefficient, V1(t) and V2(t) are particle veloci-
ties (mm/s) at corresponding distances of X1 and X2 from the vibration source. The
geometric attenuation mainly varied due to the types of wave generates and propa-
gating in soil medium. From theoretical point of view [8], Rayleigh waves measured
on surface the geometric attenuation coefficient (γ ) is 0.5 and 2 for body waves [1].

The coefficient of material attenuation (α,m−1) of soil mainly depends on soil
type, soil condition, and frequency of seismic wave [1]. The wave attenuation model
expressed in Eq. (2) consists of both geometric attenuation (γ ) and material attenu-
ation (α,m−1) of the soil [1, 7]. The coefficient of material attenuation (α,m−1) has
been expressed as

V2(t) = V1(t)

(
r1
r2

)γ (
e−α(r2−r1)

)
(2)

eα(�r) = V1(t)

V2(t)

(
r1
r2

)γ

(3)

α = ln

(
V1(t)

V2(t)

(
r1
r2

)γ )
∗

(
1

�r

)
(4)

where α,m−1 is coefficient of material attenuation as a function of V1(t) and
V2(t) are particle velocities (mm/s) at corresponding distances of r1 and r2 from the
vibration source.
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4.2 Determination of Surface Wave Propagation Parameters
of the Homogeneous Cohesionless Soil.

Cross-Correlation Techniques: The correlation techniques can be done in both time
and frequency domain signals [14]. In time domain, the surface wave propagation
parameters are determined by direct arrival time of seismic signal and the known
radial distance between the receivers. In frequency domain, each frequency spectrum
consists of both magnitude and phase information. When measuring seismic waves
at two or more stations, the spectral properties of signal can be used to determine the
surface wave propagation parameters [9]. The cross-power spectrum of the signal
can be used to determine the phase lag of the seismic signal. In order to determine
the travel time �t( f ) of the surface waves (i.e., time lag) between two stations have
been expressed in the below Eq. (5).

�t( f ) =
[
�ϕxy

2π f

]
(5)

where�t( f ) time lag or travel time between two stations (�x) and�ϕxy is phase
lag or phase difference (i.e., unwrapped phase angle) between two receivers.

Determination of unwrapped Phase angle (�ϕxy) : From experiment, the obtained
phase angle has been folded between ±180◦ i.e., wrapped phase, but in Eq. (5) the
phase angle which is used to determine the time lag is unwrapped phase angle.
The unwrapped phase angle can be determined by adding or unfolding the correct
numbers of 360° cycles (i.e., 2πN ) fromwrappedphase angle [10].During evaluation
of unwrapped phase angle, the frequency which contains coherence value less than
95% has been rejected to obtain the better results. The data rejection criteria have
been explained in the below section.

Determination of Rayleigh Wave Velocity (VR,m/s) and Rayleigh Wavelength
(λR,m): The Rayleigh wave velocity can be determined by using time lag or travel
time �t( f ) for the different receiver spacing (�x) of the two stations. The Rayleigh
wave velocity (VR) for a given frequency can be calculated as

VR( f ) = �X

�t( f )
(6)

The corresponding Rayleigh wavelength can be calculated as:

λR = VR

f
(7)

where VR(m/s), Rayleigh wave velocity, and λR(m), Rayleigh wavelength for
each frequency ( f,Hz) of the wave propagation in the soil medium. Finally develop
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the dispersion curve between Rayleigh wave velocity (VR,m/s) versus Frequency
(Hz) for different receiver spacing (�x,m).

Experimental Dispersion Curve: The experimental dispersion curve has been
constructed by plotting between Rayleigh wave velocity versus frequency or wave-
length for the different receiver spacing (�x). The experimental dispersion curve
has been consisting of all modes of propagation of surface wave. During developing
the dispersion curve, the following rejection criteria have been used to obtain good
results from the acquired data.

Rejection Criteria in Data Analysis: Cross-power spectrum is used to obtain the
relative phase shift between signals for different receiver spacing. The frequency
response function (FRF) or coherence value can be evaluating by using power spectral
density (PSD) of the signal for the different receiver spacing [14]. Both functions are
obtained due to cross-correlation of the input and output spectrum for the different
receiver spacing between the transducers. Coherence function is a measure of the
degree by which input and output signals are linearly correlated. The value close to 1
a good correlation and hence the recorded signals can be unaffected by noise. For the
practical purpose, coherence value or frequency response function is above 90–95%
is acceptable in data analysis to determine the stiffness profile of the soil [11, 12].
Therefore, data collected in the lab can be conveniently checked, and value close to
the 100 or above 95% is considered in the analysis and the values below 95% are
eliminated and the corresponding frequency can be omitted during development of
experimental dispersion curve. There is another one more rejection criterion which
has been used to avoid any near field effects by using obtained Rayleigh wavelength
[11].

5 Test Results and Discussion

5.1 Test Results

From the laboratory model study, the typical test results have been formulated in
graphical presentation which is shown in Figs. 3, 4 and 5. Figure 3 represents the
particle velocity (mm/s) versus time (s) obtained due to variation for input energy
(4, 8, 12, 16 & 20 Nm) for the corresponding radial distances of 1.6 m. Figure 4
represents the particle velocity (mm/s) versus frequency (Hz) for the input energy
20 Nm for the corresponding radial distances of 1.6 m. Figure 5 represents (a) time
domain signal, (b) frequency domain signal by using FFT, (c) cross-power spectrum
or wrapped phase, and (d) coherence function which are obtained from experiment
for the 0.4 m receiver spacing (�X ). A similar kind of data acquisition procedure has
been followed to acquire data for 0.4, 0.8, & 1.2 m radial distances and 0.5 & 0.6 m
receiver spacing (�X ). Figure 6 has been plotted between the peak particle velocity
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Fig. 3 Represents the particle velocity (mm/s) versus time (s) obtained due to variation for input
energy (4, 8, 12, 16, & 20 Nm) for the corresponding radial distances is 1.6 m

Fig. 4 Represents the particle velocity (mm/s) versus frequency (Hz) for the input energy 20 Nm
and the corresponding radial distance is 1.6 m
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Fig. 5 Represents a time domain signal, b frequency domain signal by using FFT, c cross-power
spectrum or wrapped phase, and d coherence function are obtained from experiment for the 0.4 m
receiver spacing (�X)



Evaluation of Wave Propagation Parameters and Attenuation … 347

Fig. 5 (continued)
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4, 8, 12, 16, & 20 Nm.

5.2 Discussion

Determination of geometric attenuation coefficient (γ ) and coefficient of
material attenuation (α,m−1) of the soil.

The geometric attenuation coefficient has been evaluated by using Eq. (1) and is
shown in Fig. 7. Figure 7 plotted between ratio of amplitude of particle velocities
(mm/s) versus corresponding ratio of radial distance (m) in logarithmic plot. The
geometric attenuation coefficient (γ ) mainly indicates how the geometric spreading
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of wavefront decays with respect to radial distances and it mainly depends on the
types of wave and types of wavefront generate in the soil medium. The geometric
attenuation coefficient (γ ) is independent of the soil properties or vibration source.
From the present study, the geometric attenuation coefficient (γ ) has been evaluated
from the ratio of Vb

Va
with respect to ratio of radial distances Ra

Rb
. The geometric

spreading of surface wave (wavefront coefficient) has been evaluated from fixed
position (i.e., Ra = 0.4 m from vibration source) to the variation of particle velocity
(mm/s) with respect to other radial distances (i.e., Rb = 0.8, 1.2, and 1.6 m from
vibration source). The geometric attenuation coefficient (γ ) has been found from the
present study for the given soil condition and varies between 0.976 and 1.165.

The coefficient of material attenuation (α,m−1) of the soil has been determined
by using Eq. (4). The geometric attenuation coefficient (γ ) value has been substitute
in Eq. (4). Based on theoretical study [8], the geometric attenuation coefficient (γ )
has been found 0.5 for surface wave propagation due to point source. In Fig. 8 has
been shown that coefficient of material attenuation (α,m−1) have been found due to
geometric attenuation coefficient (γ ) 0.5, 0.976, and 1.165 and the corresponding
receiver spacing (�X) for 20 Nm energy. The coefficient of material attenuation(
α,m−1

)
mainly depends on the soil condition and frequency of propagation of its

surface wave. From the present study, the material attenuation coefficient (α,m−1)
has been found between 0.042 and 0.602 (m−1) and it is evaluated from particle
velocities and radial distance and its independent on frequency.

RayleighWavePropagationParameters. TheRayleighwavevelocity andRayleigh
wavelength have been determined by using Eqs. (5) and (6).

Development of Experimental Dispersion Curve. From the present study, two data
rejection criteria have been used (1) Wavelength criteria and (2) Coherence value
to evaluate the dispersion curve. The wavelength criteria [11] have been proposed
between Rayleigh wavelength (λR) and receiver spacing (�x) is λmax

3 < �x < 2λmin

and the coherence value 0.95 [11, 12] has been used in present study. During eval-
uation of experimental dispersion curve for each receiver spacing (�x), the data
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points which did not fulfill the two above criteria have been rejected. The experi-
mental dispersion curve has been developed between Rayleigh wave velocity (m/s)
and frequency (Hz) for the receiver spacing 0.4, 0.5, and 0.6 m and developed disper-
sion curve consists of all modes of surface wave, propagate in soil medium and is
shown in Fig. 9

6 Conclusion

The main objective of the present study is to evaluate the attenuation properties
(γ and α,m−1) and wave propagation parameters (λR,m and VR, m

s ) of the homo-
geneous cohesionless sandy soil by using wave propagation mechanism (shallow
surface wave). From the present study, the following conclusion has been drawn
based on the laboratory model test and has been presented in below salient points.

• The geometric attenuation coefficient (γ ) and coefficient of material attenuation
(α, m−1) for the given soil condition have been found between 0.976–1.165 and
0.042–0.602 (m−1).

• The Rayleigh wave velocity (VR, m
s ) of the soil varies from 280 to 60 m/s and the

corresponding Rayleigh wavelength (λR, m) varies from 0.434 to 7.8 m.
• The dominant frequency or frequency bandwidth of the surface wave due to input

vibration lies between 36 and 140 Hz for the given soil condition and has been
found from the power spectral density (PSD) curve.

• The developed experimental dispersion curve shown in Fig. 9 is comprised of all
modes of surface wave (fundamental mode to higher mode).
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Parametric Study on Dynamic Properties
of Backfill Material and Numerical
Modeling of Reinforced Earth Wall
for Outward Flow Condition

Seema Kumari , Pankajkumar Yadav , and Arup Bhattacharjee

Abstract Reinforced soil retaining walls are well known because of their simplicity
of field application and cost-viability. When RE walls are executed in earthquake
areas, their conduct under the action of seismic loads are needed to be considered
to guarantee the safety. It has been observed that most of the failure occurs in the
retaining walls under drained condition. As stated by R. M. Koerner among 82
case studies, the failure accompanied by drainage condition is 68%. The failures in
reinforced earth wall are generally induced by gravitational force, seepage force, and
earthquake force. In this study, two cases are considered, dry condition and drained
condition for analysis of failure of reinforced earth walls with tiered configuration
(1.2 m offset) and without tiered wall. Studies on tiered configuration walls [1] show
that tieredwalls aremore stable thanwithout tieredwalls. At first, modulus properties
and dynamic properties of granular backfill material are computed by bender element
test (low strain method), and then, properties are incorporated in numerical analysis
by finite element method in PLAXIS 2D. The numerical modeling includes plastic
analysis, dynamic analysis, andC-� strength reduction analysis. It has been observed
from the analysis that in dry backfill, the Msf (Factor of safety) obtained by finite
element program for RE wall without offset is found to be 2.1 and for two-tiered RE
wall factor of safety is 2.3. In drained condition backfill, factor of safety for RE wall
without offset after dynamic analysis is found to be 0.41 and for two-tiered RE wall
with 1.2 m offset factor of safety is 0.29. The top surface of RE wall must have some
impervious layer to avoid percolation of water in backfill to achieve highest order of
safety in drained condition.
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Keywords Dynamic properties · Bender element test · RE wall · Seismic
analysis · Tiered configuration

1 Introduction

Whenever RE walls are built adjacent to, or even near to, standing or flowing water
concern over a risingwater surfacemust be considered. Obviously, streams and rivers
are the most suspect but other situations are also possible. The definition of flood
can be understood as a temporary condition of partial or complete inundation of
water. It might include the overflow of inland or tidal waters, rapid accumulation of
runoff, mudflow, or the collapse of land along a shore due to water that has exceeded
anticipated cyclical levels. Whether the flooding at a wall results from storm surge,
riverine flooding, or urban flooding, the physical forces of the flood waters which
act on the structure are generally divided into three load cases. These load cases
are hydrostatic loads, hydro-dynamic loads, and impact loads. These load cases can
often be exacerbated by the effects of water scouring soil from around and below the
foundation [2].

Reinforced earth wall is used to describe externally stabilized soil retention
system. This system consists of alternating horizontal layers of reinforcement
connected to a vertical rigid block. The stability of RE wall depends upon fric-
tion between soil and tensile reinforcement but the friction between reinforcement
and soil reduced due to the presence of water at the interface [5]. The strength of
RE wall decreases under drained condition by four times [6]. During rainy season,
backfill becomes completely saturated (Fig. 1) and water percolates outward from
REwall facing (Fig. 2). The presence of water in backfill could decrease the frictional
strength of RE wall. This condition of drainage is considered in this research and
numerical modeling has been carried out for the same condition. This behavior is not
obvious but Figs. 1 and 2 show that it could be possible. The backfill soil remains
saturated after complete precipitation of water through it.

Fig. 1 Reinforced earth wall in saturated backfill after rainfall
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Fig. 2 Outflow of drained water through RE wall

In this study, two cases are considered, dry condition and drained condition for
analysis of failure of RE wall. In the design section and illustration for geosynthetic
reinforced walls, the tacit assumption was made that hydrostatic pressures were
nonexistent. Stated differently, the usual MSE wall system designs are assumed
to contain “free drainage” components such that water will be readily discharged
around and/or through the reinforced soil mass and the wall facing. This is indeed
to be expected but only if free-draining sands and gravels are used in the reinforced
soil zone.

The stresses and displacements in the reinforced earth wall in dry condition and
drained condition have been calculated using finite element program (PLAXIS) with
15-nodded elements. The failures in reinforced earth wall are generally induced by
gravitational force, seepage force and earthquake force. The plastic analysis is based
on Mohr–Coulomb failure criteria and dynamic excitation has been given to the
geometry by the prescribed displacement method.

Input parameters like modulus of elasticity, Poisson’s ratio, and angle of internal
friction will be required in analysis by PLAXIS 2D. Such input parameters are
evaluated by bender element test Camacho-Tauta et al. [5]. The backfill material is
considered as cohesionless sand. At first, modulus properties of granular backfill
material are computed by bender element test and then properties are incorporated
in numerical analysis by PLAXIS 2D.

2 Model Parameters

2.1 Properties of Granular Backfill Material

Mohr–Coulomb model is preferred over other soil models as a first approximation
of soil behavior in general. This model requires five parameters, which are generally
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familiar to most geotechnical engineers and which can be obtained from basic tests
on soil samples. These parameters with their standard units are indexed beneath:
Young’s modulus [E] (kN/m2), Poisson’s ratio [μ], Cohesion [c] (kN/m2), Internal
friction Angle [φ]°, and Dilatancy angle [ϕ]°. For materials with a massive linear
elastic variety, it is practical to use E0 (backfill) based on triaxial test or bender
element test.

The backfill material is considered as cohesionless sand. Themechanical property
of soil sample is computed in laboratory by bender element test [3]. The merits of
laboratory tests are ease of measurement and accuracy. This laboratory test is based
on wave propagation through soil sample; in this method, the elastic properties of
soil are found at very low strain level (10−6 to 10−5%). It consists of source element
and receiver element arranged in triaxial cell base. When high-frequency electrical
pulse is applied to source element, it produces a stress wave that travels through
the specimen toward the receiver element, it generates a voltage pulse which is
measured by receiver element [4]. Shear waves and primary wave will generate due
to high-frequency electrical pulses, which is applied to source element by producing
a stress wave. Trace of primary wave velocity and secondary wave velocity by bender
element test is shown in Figs. 3, 4, 5, 6, 7, and 8 at different densities. Table 1 gives
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summary of evaluation of primary wave velocity and secondary wave velocity for
three samples of sand at different densities of 15.5, 16.5, 17.5 kN/m3. All modulus
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Table 1 Summary of stacking of P-wave and S-wave velocity by bender element test on sand

Density
(kN/m3)

Wave type Source wave
peak t1 (s)

Received
wave peak
t2 (s)

Travel time
�t (s)

Distance
(m)

Velocity
(m/s)

15.5 P-Wave 0.000248 0.001034 0.000786 0.12 153

S-Wave 0.000247 0.001697 0.001450 0.12 83

16.5 P-Wave 0.000247 0.001338 0.000671 0.12 179

S-Wave 0.000244 0.001512 0.001260 0.12 95

17.5 P-Wave 0.000250 0.000868 0.000618 0.12 194

S-Wave 0.000253 0.003638 0.001157 0.12 104

properties of soil are evaluated by interrelationship between Vs and Vp as shown in
Table 2.

Parameters like shear modulus, Poisson’s ratio, and young’s modulus of the mate-
rials are evaluated from Eqs. (1–3), respectively. In Table 2, summary of modulus
properties of backfill material is shown. The input parameters of backfill material for
PLAXIS 2D is shown in Table 3.

Table 2 Summary of test results of bender element test on sand

Density
(kN/m3)

Wave type Velocity
(m/s)

Poisson’s
ratio

Young’s
modulus E,
(kPa)

Shear
modulus G,
(kPa)

Bulk
modulus K,
(kPa)

15.5 P 153 0.29 27,453 10,623 21,788

S 83

16.5 P 179 0.30 38,973 14,966 110,280

S 95

17.5 P 194 0.30 48,923 18,812 146,842

S 104
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Table 3 Properties of
backfill material (sand) for
PLAXIS 2D

Properties Unit Value

Unit weight kN/m3 16.5

Young’s modulus kN/m2 40,000

Poisson’s ratio – 0.3

Cohesion kN/m2 1

Friction angle Degrees 32°

G = V 2
s ρ (1)

μ =
(
Vp

Vs

)2 − 2

2
(
Vp

Vs

)2 − 1
(2)

E = V 2
pρ(1 + μ)(1 − 2μ)

(1 − μ)
(3)

2.2 Facing Wall

The plate element is used to represent facia of wall which is made up of concrete.
The modulus of elastic (E) for concrete (cement and aggregates) can be taken up
to 50 GPa (ACI 318-08). It can be also calculated according to grade of concrete
according to IS-456 2000 (E = 5000

√
fck), where fck is characteristic compressive

strength. Table 4 represents the modulus and stiffness properties of plate.

Table 4 Material properties
of facing wall and geogrid

Properties Facing wall Geogrid

Material model Linear elastic Elastoplastic

EI (kNm2/m) 7,467

Mass-density (kN/m3) 24

Poisson’s ratio (ν) 0.15

EA (kN/m) 7E5 2,500
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2.3 Geogrid

Geogrids are elastic flexible elements with a normal stiffness and no bending stiff-
ness. Geogrids are represented as soil reinforcements. A geogrid is modeled using
elastoplastic constitutive model. EA: Axial/Normal Stiffness.

Material properties of facing wall and geogrid are shown in Table 4.

3 Methodology

3.1 Seismic Analysis of Reinforced Earth Wall

In this study, the response of RE walls in earthquake prone regions after rainfall
is studied by the numerical method (FEM) with PLAXIS 2-D software. In a study
conducted by Kumari [1], a geosynthetic reinforced soil wall was modeled with the
use of Plaxis software. Then, numerical models are calibrated by using experimental
model results and the ability of PLAXIS software in prediction of wall displacement,
and facing deformation is assessed.Here, one of themodels is selected for the analysis
of single-tiered (without offset) and two-tiered walls with offset of 1.2 m. The length
of the model considered as 20 m beyond the toe of the wall in order to minimize the
boundary influence. The models are all fixed at the base and have roller boundaries
at the sides.

For dynamic analysis, the wall is excited with sinusoidal wave of maximum hori-
zontal acceleration of 0.4 g by applying prescribed displacement at the base of foun-
dation. The dynamic analysis is carry forwarded by static analysis, and after dynamic
analysis, C-� strength reduction analysis is carried out, which gives factor of safety.
The deformed geometry of wall without offset is shown in Fig. 9 and with tiered
configuration (1.2 m offset) is shown in Fig. 10.

Fig. 9 Reinforced earth wall (without offset)
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Fig. 10 Two-tiered reinforced earth wall with offset 1.2 m

3.2 Stability Analysis

To ensure the stability of RE wall, factor of safety would be required. The stability
analysis of RE wall is performed after static and dynamic analysis which gives the
factor of safety by C-� strength reduction analysis. During rainy season, the REwall
becomes fully saturated, just after static and dynamic loading the stability in such
complex environment will reflect actual failure condition on site.

In dry backfill, the Msf (factor of safety) obtained by finite element program after
complete analysis against strength parameters of soil is plotted in Figs. 11 and 12.
The factor of safety of RE wall without offset after dynamic analysis is found to
be 2.1 and factor of safety of two-tiered RE wall with 1.2 m offset after dynamic
analysis is found as 2.3 (Figs. 11 and 12).
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Fig. 11 Msf (factor of safety) of RE wall (without offset)
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Fig. 13 Msf (factor of safety) of RE wall (without offset)

In drained condition, the reinforced earth wall is analyzed for the factor of safety
of RE wall (without offset) after dynamic analysis and for two-tiered RE wall with
1.2 m offset also. Factor of safety for RE wall without offset after dynamic analysis
is found to be 0.41, and for two-tiered RE wall with 1.2 m offset, factor of safety
found to be 0.29 (Figs. 13 and 14). The reverse case in drained condition may be due
to shorter length of geogrid. The factor of safety of RE wall in drained condition can
be increased by providing impervious layer in top and bottom of RE wall.

4 Conclusion

This analysis shows that seismic analysis would not sufficient to ensure the safety
of reinforced earth wall. The strength reduction analysis under drainage condition
would plays important role to ensure safety during service, and it will give a factor
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of safety. During rainfall, due to improper drainage system the backfill soil remains
saturated and outflow of water takes place and this condition is modeled in finite
element program.

In dry backfill, the Msf (factor of safety) obtained by finite element program for
RE wall (without offset) is found to be 2.1 and for two-tiered REwall factor of safety
is 2.3. In drained condition backfill, factor of safety for RE wall without offset after
dynamic analysis is found to be 0.41 and for two-tiered RE wall with 1.2 m offset
factor of safety found to be 0.29. This shows that with proper design of RE wall in
tiered configuration we can make RE walls more stable in drained conditions also.

In nature, hydrostatic loads are in the form of lateral pressures (horizontal) and
buoyant forces (vertical). The lateral forces result from variations in interior and
exterior water surface elevations. As the flood water rise, the higher water on the
outside of the wall acts inward. Similarly though less common, a rapid drawdown of
exterior flood water results in outward pressures on the wall as the retained indoor
flood water tried to escape. Sufficient lateral pressures might also cause ever-lasting
deflections or collapse of the wall.

As stated by R. M. Koerner among 82 case studies, the failure accompanied by
bad drainage condition is 68%. At the top and bottom of RE wall, an impervious
layer should be provided to avoid percolation of water in backfill so that highest
order of safety could achieved. A layer of damp proofing course should be applied
at the base of the RE wall to avoid capillary rise and flooded water from the ground.
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Experimental and Numerical Study
of Shallow Foundation Subjected
to Vertical Dynamic Load

N. K. Das, P. Raychowdhury, and S. Ray-Chaudhuri

Abstract Foundation in case of industries and high-rise buildings where turbines,
generators, and compressors are installed undergoes vibration. This paper presents
the experimental and numerical study on an isolated square shallow foundation
under vertical periodic machine vibrations. To excite the foundation with vertical
dynamic loading, the eccentric mass shaker is utilized. The eccentric mass shaker
essentially consists of two counter-rotating shafts capable of creating vertical peri-
odic loading. A series of block vibration tests are conducted on a square-reinforced
cement concrete of size 1m× 1m× 0.3m on field site near western laboratory at IIT
Kanpur campus. The shallow foundation is excited with vertical periodic loading of
different magnitudes and frequencies. The responses are measured using sensors like
accelerometers. The variation in the dynamic responses is recorded, and the same is
plotted with varying eccentric force. The resonant amplitude, natural frequency of
soil and damping ratio are plotted with frequency. Further, the experimental results
are comparedwith the experimental findings earlier reported in the available literature
for the IIT Kanpur campus soil. The numerical simulation of shallow foundation–
soil system is done with built-in finite element package ABAQUS and compared to
experimental amplitude values.

Keywords Block vibration test · Vertical vibration · Damping · Natural frequency
of soil · Resonant amplitude
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1 Introduction

It is a well-established fact that the foundations may experience dynamic load from
vibration due to the operation of heavy equipment and movement of vehicles. The
seismic response of the structure is significantly affected by soil foundation inter-
action. Therefore, there is a need to study the soil foundation interaction under
vibration from dynamic loading. Large-scale field tests are best suited to study the
soil foundation interaction problem. In the past, researchers have considered mainly
two approaches for the soil foundation interaction, the first being the spring–mass
system and the second being the elastic half-space approach. Reissner [13] had given
the theoretical solution for the periodic displacement at the center of circular loaded
area. Lysmer [10] had given the expression for spring and damping constants which
is frequency independent, and this equation is famously known as Lysmer’s analog.
Gazetas [6] presented dimensionless charts and formulas for computing the value
of dynamic stiffness and dynamic damping of surface and embedded foundation
subjected to harmonic excitation. Most of the theories considered assume the foun-
dation as massless and rigid and the soil beneath foundation as uniform viscoelastic
half-space with fixed shear modulus and hysteretic damping. These assumptions are
not valid in the field due to the uncertainties present in soil properties.

Bhoumik [3] conducted block vibration test on a concrete footing of size 1 m
× 0.75 m × 0.7 m at IIT Kanpur under different modes of vibration (uncoupled
and coupled vibration both) subjected to harmonic loading. Baidya and Rathi [1]
conducted block vibration tests on footing of size 0.4 m × 0.4 m × 0.1 m resting
on sand layer to study the effect of layering of soil and rigid layer on the dynamic
characteristics. Kumar and Reddy [9] conducted block vibration tests on foundation
with spring mounted base. It was noted that due to spring-type cushioning, there
is a significant reduction in displacement amplitude and resonant frequency of the
foundation. Swain andGhosh [15] conducted large number of block vibration tests on
a pair of shallow foundation (one being the active footing and other being the passive
footing) at IIT Kanpur to understand the dynamic interference of footing which aids
in the safe design of machine foundation in case of foundation under groups. The
transmission ratio is plotted with frequency ratio which predicts the dynamic effect
of active footing on the response of passive footing. Das and Raychowdhury [5]
studied the performance of reinforced soil bed under the effect of vertical dynamic
loading on the machine foundation and found that they performed well in controlling
vibration induced deformation. In the present experimental study, the block vibration
test is conducted with varying eccentric force level and varying forcing frequency.

1.1 Experimental Program

The block vibration test was conducted through the use of mechanical oscillator
on model isolated shallow foundation. The site is first cleaned of leaves, and then,
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Fig. 1 Different stages of casting of concrete foundation at field site a preparation of test pit,
b reinforcement layout with extruding guide bars, c reinforcement placing in test pit with proper
formwork, d concrete casting at field site

excavation is done to remove the top loose soil as shown in Fig. 1a. The layout
of the reinforcement is done by the 16-F bar arranged perpendicular to each other
as shown in Fig. 1b. The four guide bars are welded to the reinforcement so that
later it can be attached to mechanical oscillator. The formwork is placed around
reinforcement in the pit with suitable cover as shown in Fig. 1c. A concrete with
characteristics strength of 20 MPa was designed for casting of foundation as per
IS 456 [8] for 0.3 m3. The concrete was prepared in four batches. The following
ingredients were used for the casting: (i) cement: OPC 33 grade of cement, (ii)
fine aggregate: aggregate sieved through 2.36 mm sieve size, (iii) coarse aggregate:
aggregate 20 mm size and 10 mm size, (iv) water, (v) admixture: no admixture was
used. The concrete casted along with the formwork is as shown in Fig. 1d. To obtain
the strength of the concrete, compressive strength tests are done on concrete cube
samples after 28 days. The average compressive strength is estimated 31.94 MPa,
which is well above the desired strength of 20 MPa.

The block vibration test setup was based on IS 5249 [7] code provision guidelines
and the experimental program used by Baidya and Rathi [1], Baidya andMandal [2],
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Swain andGhosh [15],Das et al. [4] andDas andRaychowdhury [5]. The block vibra-
tion test setup is basically consisting of an eccentric mass shaker equipment (MX
100A) from Micron Industries Limited. The eccentric mass shaker is the mechan-
ical oscillator that is capable of producing 10,000 kgf. The principle mechanism of
eccentricmass shaker to produce a sinusoidal variation is due to the counterclockwise
rotating shafts which can be able to produce periodic vertical force. The eccentricity
angle insidemechanical oscillator can be set up to 180 degrees. The shaft of oscillator
is driven by the help of 5 HP DC motor, and it can run up to 3000 rpm.

The base plate (MS plate) is connected to the foundation through the help of guide
bars over stopper so as to make room for the placing of accelerometer at the center of
footing. Then, square-shaped bottom plate is connected to the four guide bars. After
the calibration, the mechanical oscillator is placed on the bottom plate of oscillator
so that the whole system vibrates as a single entity. The layout of experimental test
setup is shown in Fig. 2.

After preparing the cast in situ foundation and proper setup of the mechan-
ical oscillator, the placement of sensors like accelerometer was done. Overall,
six accelerometers were connected to the foundation. The four strain gauge-based
accelerometer (numbered Accl 1 to Accl 4) is placed on the outer four edges (Accl
1-4 in clockwise direction from southside direction). The accelerometer sensor is
connected to the 32-bit data acquisition system (DAQ). TheDAQ is further connected
to computer having LabVIEW installed in it for recording the raw data. The MEMS-
based accelerometer (numbered Accl 5) is placed on the centerline of the foundation.
This MEMS-based sensor is further connected to the vibration meter which gives
direct reading of acceleration, velocity and displacement. The placement of sensor
along with the block vibration test setup is as shown in Fig. 3.

Fig. 2 Layout of block vibration test setup
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Fig. 3 Photographic view of layout of placement of sensors along with the block vibration test
setup

The soil strata at the field site is clayey silt. The top 2m soil is clayey silt. Thewater
table is 6.5 m below the ground table so that it is well below the zone of influence,
i.e., B depth below the base of the footing where B is the width of foundation. The
specific gravity of the soil is 2.67. The dry density of the soil is 16.423 kN/m3. The
liquid limit is found to be 26.70%. The plasticity is found to be in the range of low
to medium. The cohesion value is 55.7 kN/m2.

1.2 Experimental Procedure

The block vibration test for the vertical vibration case is conducted on an isolated
square foundation of size 1 m × 1 m × 0.3 m for different values of eccentric force
and with range of forcing frequencies. The power is fed into AC to DC converter to
run the 5 HP DC motor which causes the two shafts of eccentric mass shaker to run
in counterclockwise direction, thereby canceling the horizontal forces and addition
of forces in the vertical direction. The desired forcing frequency is set by setting
the revolution per minute (rpm) by speed control unit. The eccentricity angle range
is from 0 to 180 degrees. The speed control unit range is from 300 to 3000 rpm;
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thereby, the forcing frequency range is from 5 to 50 Hz. The capacity of mechanical
oscillator is 10,000 kgf. The eccentric force depends upon the angle of eccentricity
between the unbalanced mass inside the mechanical oscillator and speed of rotation.
The eccentric force generated is given by the following Eq. 1

F = me × e × ω2 = 0.85624 × sin
θ

2
× ω2 (1)

where F is the force generated in Newton, me is the unbalanced mass rotating with
radius of e inside the mechanical oscillator in meters, and θ is the angle between the
eccentric masses. The eccentric force level is calculated by the following Eq. 2

Fe = me × e × sin
θ

2
= 0.85624 × sin

35

2
(2)

The eccentric force corresponds to the 40-degree eccentricity which is 0.25747N-
sec2. The experiment study was conducted for three eccentricity angles of 15, 35 and
55 degrees. The eccentric force levels corresponding to eccentricity angle of 15, 35
and 55 degrees are 0.11176, 0.25747 and 0.39356 N-sec2. For each eccentric force
level, the forcing frequency range is from 5 to 43 Hz in the increment of every 2 Hz.

First, the calibration of accelerometer sensor was performed before starting the
experimentation. While performing the test, responses are recorded (g values) with
accelerometer sensors with the help of LabVIEW software using data acquisition
system connected with the accelerometer sensor. The micron MEMS accelerom-
eter sensor (Accl 6) connected to the vibration meter which gives the direct value of
acceleration, velocity and displacement values. After recording the data in LabVIEW
software from different accelerometers (Accl 1 to Accl 5), the recorded data is multi-
pliedwith 9.81 so to convert it inm/s2. Then, the rawdata is processedwithMATLAB.
The samples are recorded at 2000 samples per second so that the Nyquist frequency
of the system is 1000 Hz. The baseline correction is made to the acceleration values.
The Butterworth filter of fourth order is applied in the selected frequency bandwidth
to capture the fundamental mode of the present system. The velocity is calculated by
integrating the acceleration values as shown by Eq. 3, and displacement is calculated
by integrating the velocity values as shown by Eq. 4 as follows

v =
∫

a dt (3)

s =
∫

v dt (4)

where a is the acceleration values recorded in m/s2, dt is the time taken, v is the
velocity in m/s and s is the displacement value in m. The displacement for every
forcing frequency is noted and accordingly the graph between displacement and
forcing frequency is plotted.
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1.3 Experimental Results and Discussion

The block vibration test is conducted on shallow surface foundation of size 1 m ×
1 m × 0.3 m resting on field site near Materials Science Laboratory, IIT Kanpur.
First, establishing the response curve from the data recorded from digital vibration
meter and then finding the resonant frequency and natural frequency of the soil from
the observed response curve [14]. The expression for damping ratio (as shown by
Eq. 5) for the rotating mass excitation is shown below [14]

fmr = fn√
1 − 2D2

(5)

whereD is the damping ratio, f n is the natural frequency of the soil considering mass
of vibrating system, f mr is the frequency of rotating mass system at resonance.

After attaining the steady state, the reading from the sensors is recorded. The
displacement values are calculated for each forcing frequency, and the displacement
is plotted with frequency as shown in Fig. 4 for each of three eccentric force levels
in N-sec2.

When the forcing frequency approaches the natural frequency of the soil, the
rate of increase in the dynamic response, i.e., displacement, velocity or acceleration
amplitudes, is rapid as shown in Fig. 4 (displacement amplitude). This is mainly due
to the propagation of surface waves (Rayleigh wave) which can cause ground defor-
mation. The data points are shown in Fig. 4, and the graph is fitted with spline curve.
After reaching the resonant frequency, the dynamic responses started decreasing. It

Fig. 4 Displacement amplitude variationwith forcing frequency at different eccentric force settings
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is noted that with increase with eccentric force level, there is decrease in resonant
frequency and increase in the resonant displacement amplitude which clearly shows
the nonlinearity present in the soil beneath the foundation. This is a well-established
fact reported experimentally by Novak [12]. The resonant displacement amplitudes
from Fig. 4 are 0.132, 0.362 and 0.722 mm corresponding to eccentric force level
of 0.11176, 0.25747 and 0.39536 N-sec2. The natural frequencies of the soil from
Fig. 4 are approximately 33, 29 and 23 Hz corresponding to eccentric force level of
0.11176, 0.25747 and 0.39536 N-sec2. The results are plotted in the form of graph
with eccentric forcing level.With the increase in eccentric force level settings, there is
increase in the value of damping (sum of material damping and radiation damping)
as shown in Fig. 5. This type of trend is similar with the response obtained for a
rotating mass exciter [1, 9, 15].

The test results for the present experimental study on isolated surface foundation
of square size with dimension 1 m × 1 m × 0.3 m under vertical oscillation are
summarized in Table 1. It is noted from Table 1 that the natural frequency of the soil
decreases with the increase in eccentric angle settings.

Bhoumik [3] performed block vibration test on isolated large concrete block at
Geotechnical Engineering Laboratory field site, IIT Kanpur, under different modes
of oscillation including vertical oscillation case. Swain and Ghosh [15] conducted a
large number of block vibration test on interacting footing at Geotechnical Engi-
neering Laboratory field site, IIT Kanpur, including vertical oscillation case of
isolated footing. The present study is performed on field site near Materials Science
Laboratory, IIT Kanpur; thereby, a comparison can be made between the test results

Fig. 5 Damping ratio variation with eccentric force level settings
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Table 1 Test results for the present study for vertical vibration case on isolated shallow square
foundation under different eccentric force levels

(Present study) Eccentric force level (N-sec2)

System parameters 0.11176 0.29285 0.39536

Resonant displacement amplitude (mm) 0.132 0.362 0.722

Resonant frequency (Hz) 32.90 30.53 23.70

Natural frequency of soil (Hz) 32.03 29.3 22.7

Damping ratio (%) 16.12 19.84 20.32

as the site is nearby. Table 2 enlists the comparison of test parameters and results of
the present study with Bhoumik [3], Swain and Ghosh [15] for vertical oscillation
case for isolated shallow foundations.

The difference in results can be attributed to the fact that in the present study,
the eccentric force level is large in comparison with Bhoumik [3], Swain and Ghosh
[15], and also, the foundation size is larger in comparison. The foundation size, type
and magnitude of the eccentric load, soil properties significantly affect the response
obtained for rotating type excitation [14].

Table 2 Comparison of test
parameters and test results for
the present study with
Bhoumik [3], Swain and
Ghosh [15] for vertical
oscillation case for isolated
foundation at IIT Kanpur

Test
parameters

Bhoumik [3] Swain and
Ghosh [15]

Present study

Footing size:
RCC(m × m ×
m)

1 × 0.75 ×
0.7

0.55 × 0.55
× 0.20

1 × 1 × 0.3

Soil type (IIT
Kanpur)

Silty Clay Clayey Silt Clayey Silt

Eccentric force
level (N-sec2)

0.045 0.017, 0.025,
0.033

0.1117,
0.2274, 0.39

Resonant
displacement
amplitude
(mm)

0.127 0.137, 0.210,
0.275

0.152, 0.381,
0.757

Resonant
frequency
(rpm)

2459 2233, 2081,
1976

1974, 1832,
1422

Natural
frequency of
soil (rpm)

2404 2156, 2011,
1909

1922, 1758,
1362

Damping ratio
(%)

14.47 18.39, 18.23,
18.28

16.12, 19.84,
20.32
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2 Numerical Modeling

In the present study, the experimental result was verified with three-dimensional
model inABAQUS, finite element software. The dimension of the shallow foundation
is kept same in the numerical simulation of the model foundation–soil system. The
sensitivity analysis is performed, and it showed that at a distance of 13B from the edge
of footing, the dynamic response is not affected under high frequency. To represent
the half-space, the soil base dimension taken is 30 m × 30 m × 20 m so as to reduce
the boundary effect as shown in Fig. 6. The pit is modeled as same as that of site
with dimension 2 m × 2 m × 0.3 m and foundation with size 1 m × 1 m × 0.3 m.
The soil base (30 m x 30 m x 20 m) is modelled with eight node linear brick element
(C3D8) to represent the half space. The transition element (tetrahedron) is used to
connect the foundation and soil brick element. The four-node linear brick element
(C3D4) is used in modeling the soil just beneath the foundation (12 m x 12 m x 4m)
and the reinforced cement concrete foundation (1 m x 1 m x 0.3 m). The behavior of
soil representing half-space under dynamic loading were modeled asMohr Coulomb
plasticity yield criteria with nonlinear failure envelope [11]. The shear strength of
the soil as obtained from direct shear test is having cohesion of 55.7 kN/m2 and
dilation angle of 2/3 of friction angle. The modulus of elasticity of the soil is 12 MPa
as obtained from laboratory tests and suitable Poisson ratio of 0.33. The reinforced
cement concrete is modeled as elastic material with the modulus of elasticity of
20 GPa and Poisson ratio of 0.2. The displacement is restrained in both lateral and
vertical direction along the bottom boundary (U1 = 0, U2 = 0, U3 = 0), and the
side boundaries are restrained in the horizontal direction (U1 = 0, U2 = 0, U3#0).
The quiet boundaries to control the wave reflections are applied to the vertical sides.

Fig. 6 3D model of the block vibration test setup in ABAQUS software
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Table 3 Comparison of experimental and numerical obtained displacement amplitude at resonance
condition

Test parameter Experimental result Numerical model result

Eccentric force (N-sec2) 0.1117 0.2574 0.3953 0.1117 0.2574 0.3953

Resonant amplitude (mm) 0.132 0.352 0.722 0.217 0.489 0.534

Then fine meshing is done in the brick element near the region of the foundation
as the stress concentration is more and for the region away from the foundation
coarser meshing is adopted. Multipoint constraints is used to model interaction like
as that of laminar soil and constraints type is set to tie type (Hard contact) so to have
equal degree of freedom. The material damping was considered as 5%. The dynamic
analysis is applied in two stages, first being the uniform geostatic stress which is the
stress generated due to concrete foundation and mechanical oscillator parts. In the
second stage, the dynamic loading in the vertical direction due to the dynamic force
is generated by the oscillator.

The experimental results are verified with the result obtained from the ABAQUS
analysis at eccentric force level of 0.11176, 0.25747 and 0.39536 N-sec2, respec-
tively. The dynamic response at resonance conditions is comparedwith theABAQUS
results as shown in Table 3. The differences may be due to the non-homogeneity and
nonlinearity present in the soil properties at the field site compared to the input
parameter used in the numerical analysis.

The dynamic loading is subjected to the foundation–soil which is of the type
steady-state dynamics with the frequency range of that applied during experimenta-
tion. Therefore, the dynamic loading with the amplitude is applied in the numerical
model in the frequency of 5 to 41 Hz. The amplitude under vibration which is the
crucial parameter in the design of foundation subjected to strong vibration is noted
down from the dynamic analysis. At the eccentricity force of 0.1117 N-sec2, the
displacement contours as obtained are shown in Fig. 7a, b.

3 Conclusion

As modern urbanization and industrial growth progresses, the use of high rising
buildings and heavy machines may create strong vibration during its operation at
high frequency. This experimental study is an attempt to understand the vertical
vibration problem of shallow foundation and that should be duly acknowledged in the
design for foundations under vibration. Large-scale field model test was conducted
on shallow foundation of square section at field site. The test results are compared
well with the previous study made on similar field site at IIT Kanpur. The problem
of soil structure interaction is clearly visible from the test results as the value of
damping ratio, natural frequency of soil and resonant frequency of the soil changes
significantly with the variation of applied eccentric force level and forcing frequency.
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Fig. 7 The displacement contours a at 15 Hz and b 19 Hz as obtained from the numerical analysis
during dynamic loading at eccentricity force of 0.1117 N-sec2
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Settlement Analysis of Shallow
Foundation on Frictional Soil Under
Combined Effect of Static and Cyclic
Load

Suvendu Kumar Sasmal and Rabi Narayan Behera

Abstract The settlement of a surface strip footing on dense sand due to long-term
repetitive load (1 million cycles) is analyzed with the help of finite element method
(FEM). The analysis is performedby applying both static and cyclic load on the center
of footing, in the vertical direction and observing the corresponding settlement. The
intensity of the static load is determined by dividing the ultimate static load by the
factor of safety (FS). The static load is calculated for different values of FS i.e., 2,
2.5, 3, 3.5. The intensity of the dynamic load (qd(max)) is some percentage of the
ultimate bearing capacity (qu) of the foundation. Three values of (qd(max)/qu) have
been considered in the study, i.e., 5%, 10%, and 13%. Three different frequencies
of cyclic load (0.5 Hz, 1 Hz, and 2 Hz) have also been considered. Based on the
settlement pattern of the foundation, the critical number of load cycles (ncr) for each
case is determined beyond which the increase in settlement becomes insignificant
for further load cycles. The study reveals that even a minor change in the frequency
of loading can result in major variations in the ncr.

Keywords Dense sand · Strip footing · Repetitive load · Settlement · Critical
number of load cycles

1 Introduction

Foundations in the vicinity of industrial areas, generally apart from static loads
from the superstructure, are subjected to dynamic forces in the form of machine-
induced loads. In cases, such as the foundation beneath the railway track is generally
subjected to long-term vertical cyclic loads. Other circumstances include the foun-
dations under vertically oscillating machines. The behavior of these foundations is
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far different from that of the foundations under only static loads. The cyclic settle-
ment response of footing was observed in the late 1970s by Raymond and Komos
[1]. They concluded that the settlement is basically controlled by the cyclic load
intensity and soil condition. A similar methodology was adapted by Das et al. [2]
to study the settlement of square footing. Sawicki et al. [3] observed the response
of circular footing under cyclic load. The response of footing under the incremental
cyclic load was reported by Tafreshi et al. [4]. Apart from experimental models,
various numerical methods are also available to study the actual footing response.
When it comes to the numerical model for shallow foundations, the Winkler model
predicts the foundation response with significant accuracy. With time, this model
has evolved to capture the accurate nonlinear response of footing. The nonlinear
responses were observed with the help of beam on nonlinear Winkler foundation
(BNWF) model by researchers like [5–8].

The numerical analyses discussed mainly the seismic response. Also, the effect
of change in frequency of loading has not been clearly defined in available studies.
Rather than considering dynamic loads of small durations, the present study aims at
studying the long-term response of footing with the help of numerical simulations.
The foundation is modeled using BNWF method to study the response of the foun-
dation. A large number of loading cycles, i.e., 106 cycles are applied to the center of
the footing to study the long-term response. This type of loading condition generally
takes place in the case of a railroad foundations. The work is further extended to
observe the influence of possible change in frequency on the settlement response of
footing. The phenomenon of near cessation of settlement after a certain load cycle
is observed which is greatly controlled by the frequency of loading. The numerical
methods and the obtained results are described in the following sections.

2 Numerical Modeling Approach

A finite element model (BNWFmodel) is adapted to observe the settlement of a strip
footing of dimension 0.5 m × 0.1 m × 0.03 m (Length ×Width × Thickness). The
soil parameters used in the analysis are listed in Table 1. A schematic diagram of the
foundation and loading system is shown in Fig. 1. The static load is the allowable
load, determined by dividing the ultimate load by FS. The cyclic load is a vertical
rectangular pulse load as shown in Fig. 1. In this study, 1 million cycles are consid-
ered to study the response of footing. The footing is divided into 100 equal parts

Table 1 Soil properties

Relative density
(Dr , %)

Angle of internal
friction (φ, degree)

Unit weight of
soil (γ , kN/m3)

Modulus of
elasticity (E,
MPa)

Poisson’s ratio
(υ)

69 40.8 14.36 55 0.35



Settlement Analysis of Shallow Foundation··· 381

Fig. 1 Schematic diagram of the foundation and loading system

with the help of 101 nodes. The footing nodes having 3 degrees of freedom, DOF
(2 translations and 1 rotation) are connected with the soil nodes (fixed, DOF = 0)
using springs modeled as zero-length elements. The footing nodes are connected
by using one-dimensional elastic beam-column elements defined with the help of
area of cross-section, Young’s modulus (E), and moment of inertia. Each spring
consists of three components, i.e., elastic, plastic, and gap. The role of gap compo-
nent (drag + closure) is to simulate soil-foundation separation behavior. Radiation
damping is provided with the help of a damper parallel to the elastic component.
Generally, for soil, a radiation damping value of 5% is applicable. The governing
equations for spring behavior can be found in Boulanger [9]. The stiffnesses and
capacities of the springs are determined according to Gazetas [10] and Meyerhof
[11], respectively. FEMA 356:2000 [12] suggests assigning more stiffness at the
end portion of the footing dimension considered (Lend). The end length ratio (End
length/Total length) and stiffness intensity ratio (End portion stiffness/Mid portion
stiffness) for the present model are selected as per Harden et al. [7]. The nonlinear
properties for vertical springs are defined by QzSimple2 material for shallow foun-
dations according to Raychowdhury [13]. TheQzSimple2 springs used for capturing
the vertical response have lesser strength in tension to simulate real soil type condi-
tions. Apart fromvertical springs, the sliding resistance of footing is considered using
additional horizontal spring, defined as TzSimple material. The sliding capacity is
calculated as

tult = W tan δ (1)
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Table 2 Details of the
numerical model

FS qd(max)/qu, % f , Hz

2
2.5
3
3.5

5
10
13

0.5
1
2

whereW = weight on footing, δ = soil-concrete interfacial friction angle = 0.66 ×
φ.

The loading applied on the footing consists of 2 phases, application allowable
static load followed by the cyclic load. Different amplitudes (qd(max)/qu= 5%, 10%,
and 13%) and frequencies (f = 0.5 Hz, 1 Hz, 2 Hz) of cyclic load are considered to
observe the corresponding parametric variation effect on settlement. The parameters
and corresponding numeric values used in the study are mentioned in Table 2. The
Dr (%), φ, and γ are taken as the values considered in Patra et al. [14]. The E and ν

are determined considering the values listed in EPRI [15]. The entire simulation is
performed using numerical tool OpenSEES [16].

2.1 Validation of the Numerical Model

One of the key criterion to evaluate the accuracy of the model is to compare the
outcome with that generated from a different constitutive model, for same soil
conditions. The suitability from the present model has already been ascertained by
comparing the static response of the foundation, for the same footing dimension and
soil (dense sand) condition with the results obtained from Plaxis 3D [17]. The details
of the validation study can be found in Sasmal and Behera [18] (Fig. 2).

3 Results and Discussions

The long-term settlement responses of footing following simulations of numerical
model conditions are illustrated in Figs. 3, 4, 5 and 6 which are discussed in this
section.

3.1 Effect of Intensity of Loading

It is obvious that the settlement of footing always increases with the increase in
loading intensity (static and cyclic) which can be observed from Figs. 3, 4, 5 and
6. The role of the static load is found to be the major factor that controls the total
settlement of footing. A decrease in the settlement is observed with an increase in
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Fig. 2 Verification of accuracy of the present model [18]

Fig. 3 Long-term settlement of footing under cyclic pulse (FS = 2)

the FS, keeping the intensity and frequency of cyclic load constant. It is attributed to
the fact that the more the FS, the less is the amount of static load on the foundation.
Hence, it can be inferred that the total settlement is directly proportional to intensity
of both cyclic load and static load.
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Fig. 4 Long-term settlement of footing under cyclic pulse (FS = 2.5)

Fig. 5 Long-term settlement of footing under cyclic pulse (FS = 3)
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Fig. 6 Long-term settlement of footing under cyclic pulse (FS = 3.5)

3.2 Effect of Uncertainty in Loading Frequency

A traditional way of observing the effect of the number of load cycles is to keep the
loading frequency constant. However, in real world, the frequency of a certain type
of loading is not same always. This is highly dependent on the source of load. In this
study, results of the change in the settlement pattern of footing are presented altering
the frequency of loading. It is noted that with a slight increase in the frequency
of loading, the settlement of footing increases although not very significantly. The
increase in settlement of footing with an increase in frequency is attributed to the
fact that the more frequently the load strikes the footing the less time the foundation
soil gets to recover from the effect of the previous load cycle. It can be observed
from Figs. 3, 4, 5 and 6, as the factor of safety increases, the gap among settlement
responses corresponding to three frequencies increases, whereas for a lower factor of
safety the settlements for different frequencies have nearly similar values. Hence, the
changing frequency of the loading controls the settlement response more for lower
values of intensity of static load. It is also observed that, for all the conditions consid-
ered in the present study, the footing undergoes more settlement with an increase in
the frequency of cyclic load for a higher values of intensity of cyclic load.
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Fig. 7 Critical number of load cycles corresponding to different loading frequencies

3.3 Analysis of the Number of Load Cycles

Upon subjecting the footing to 1 million load cycles, it is observed from Figs. 3, 4, 5
and 6 that the rate of increase in the settlement with further loading cycles becomes
very small or negligible after a particular value of the number of load cycles (ncr).
This number is dependent on the frequency of loading. This phenomenon takes place
due to the increased strength of soil with increasing compression of soil mass with
time. Similar outcomes have been presented in Das et al. [2].

Provided the fact that ncr is a time-dependent parameter beneath the footing, its
value is bound to be different for different frequencies of loading.ncr takes lower value
for higher values of loading frequency, justifying the fact that the more frequently the
load compresses the soil mass, the less time is required to achieve sufficient strength
so that further loading cannot cause any significant settlement. The ncr values for
different frequencies are presented in Fig. 7. It can be observed from Fig. 7 that the
ncr is linearly influenced by the frequency of the loading.

4 Conclusions

In the present work, the static-cyclic settlement response of a shallow foundation
resting on a homogeneous layer of dense sand is discussed. Emphasis has been
given to study the effect of uncertainty in the frequency of loading. Based on the
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finite element model and parametric analysis including four different intensities of
static load, three intensities of cyclic load, and three frequencies of cyclic load, the
following major conclusions are drawn;

• The settlement (s) of footing increases with an increase in qd(max)/qu (%) and
a decrease in FS. The settlement becomes negligible after ncr, which is highly
influenced by the loading frequency. ncr is lower for higher loading frequency.

• The variation in settlement increases with a change in frequency, for higher values
of FS.

• Irrespective of the FS, the effect of frequency is more felt for higher values
of qd(max)/qu (%).
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Transient Response Prediction of Shallow
Foundation Using ANFIS

Suvendu Kumar Sasmal and Rabi Narayan Behera

Abstract The present study focuses on predicting the transient response of a strip
footing with the help of adaptive neuro-fuzzy inference system (ANFIS). First, the
data set is generated using a numerical model for 108 number of possible condi-
tions varying the soil and loading parameters, using Open System for Earthquake
Engineering Simulation (OpenSEES). The input parameters are factor of safety (FS),
embedment ratio (Df /B), the intensity of cyclic load (qd(max)), and relative density
of the soil (Dr , %). The output is (sf /su) %, i.e. the settlement due to the first load
cycle (transient settlement, sf ) divided by settlement (su) corresponding to the ulti-
mate bearing capacity (qu) of the foundation. This data set is analyzed using ANFIS.
75% of the entire data was considered for the training and remaining for testing. The
study reveals that the transient response of the foundation is significantly affected by
the static load on the foundation. The outcomes from the sensitivity analysis of the
trained ANFIS model will be helpful in designing foundations in industrial areas.

Keywords Transient response · ANFIS · Settlement · Sensitivity analysis

1 Introduction

Shallow foundations which are generally subjected to static loads are in a steady-
state until an additional jerk due to some external loading takes place. The behavior
of a foundation under dynamic load consists of two phases or stages: the transient
behavior and the steady-state behavior. The transient behavior of the foundation is
the response to a sudden change in loading condition, viz. static to dynamic. Under
dynamic loading, the behavior of the foundation is highly nonlinear. This nonlinearity
in the behavior is a result of nonlinear behavior of soil conditions in addition to the
loading parameters. The settlement of footing just after the arrival of dynamic load
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can be observed using experimental and numerical procedures. It is important how
each of the inputs influences the response of the footing. The importance of the
input parameters can be established by performing sensitivity analysis on a model
developed with the help of a recent effective technique based on fuzzy algorithms.

Adaptive neuro-fuzzy inference system (ANFIS) is a well-known method for
predicting the outputs in terms of supplied inputs. Yilmaz and Kaynar [1] predicted
the swelling potential of clayey soil using neural networks and ANFIS. Cabalar et al.
[2] presented a review of the application of ANFIS in geotechnical engineering.
Trivedi et al. [3] predicted blast-induced fly rock distance using ANN and ANFIS.
Asrari et al. [4] predicted the deformation modulus of rock mass using ANFIS. Sethy
et al. [5] predicted the ultimate bearing capacity of rectangular footing using ANFIS.
Kebria et al. [6] observed the transport of leachate successfully with the help of
ANFIS. The axial load carrying capacity of piles was predicted by Ghorbani et al.
[7]. Umrao et al. [8] predicted the strength of heterogeneous rock with the help of
ANFIS. The bearing capacity of piles was successfully estimated by Harandizadeh
et al. [9]. Saadat and Bayat [10] predicted the unconfined compressive strength of soil
using ANFIS and nonlinear regression. Moayedi et al. [11] presented a review of the
engineering application of neural networks and ANFIS in geotechnical engineering.

A review of the literature of the present decade reflects the suitability of the
fuzzy algorithm in the field of geotechnical engineering. However, there is a lack
of literature explaining the use of ANFIS in the field of geotechnical earthquake
engineering. The present study takes the help of ANFIS to observe the transient
response of a strip footing on different types of granular soil. The transient response
is the first response of any system to a sudden change in the steady state. In many
soil dynamics problems, the steady-state response is only observed neglecting the
transient response. In contrast, this paper focuses on the transient response of the
foundation. This work also discusses the effect of soil and loading parameters on
the transient response of the footing. Lastly, a sensitivity analysis is carried out to
ascertain the importance of the input variables.

2 Methodology

Themethodology consists of two separate phases: (a) generation of the data set using
numerical simulations and (b) analysis of generated data in ANFIS. The details of
each part are explained below. The whole methodology is summarized in Fig. 1.

2.1 Numerical Model

The data set is obtained with the help of a numerical model based on beam on
nonlinear winkler foundation model carried out using numerical programming tool
OpenSEES [12]. This model consists of a footing that is created by using 101 nodes
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Fig. 1 Flowchart of the methodology

and 100 elastic beam-column elements. Each footing node has three degrees of
freedom (two translations and a rotation). The elements are defined by Young’s
modulus and modulus of inertia. Each footing node is joined to a soil node with
the help of nonlinear springs. The soil nodes are fixed, i.e. degree of freedom = 0.
The nonlinear springs are defined with the help of soil properties (shear modulus,
Poisson’s ratio). The details of the soil properties are mentioned in Table 1. Three
different types of springs are considered: i.e., qzsimple2, pysimple2, and tzsimple2
materials to capture the vertical, passive, and sliding response of the footing,
respectively. The finite element mesh is created as per the guidelines mentioned
in Harden et al. [13]. The nonlinear springs are modeled following the procedures
mentioned in Raychowdhury [14]. The validation study of the model for different
sand conditions is presented in Sasmal and Behera [15].

Table 1 Details of the soil parameters

Types of sand Properties Source

Loose sand Dr = 35%, φ = 34°, γ = 13.34 KN/m3 Sahu et al. [16]

E = 20 MPa, v = 0.3 EPRI [17]

Medium dense sand Dr = 51%, φ = 37.5°, γ = 13.97 KN/m3 Patra et al. [18]

E = 36 MPa, v = 0.32 EPRI [17]

Dense sand Dr = 69%, φ = 40.8°, γ = 14.36 KN/m3 Patra et al. [18]

E = 55 MPa, v = 0.35 EPRI [17]
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The load is applied to the foundation in two stages. First, the allowable static load
is applied depending on the factor of safety. Then, a cycle of rectangular pulse is
applied on the center of the footing and the total settlement is recorded.

2.2 ANFIS Model

A total of 108 data set as shown in Fig. 1 are generated varying parameters like
the relative density of soil (Dr , %), factor of safety (FS), the intensity of cyclic
load (qd(max)), and depth of embedment (Df ) of footing. Out of 108 data sets, 81
are considered for training and the trained model is tested on the remaining 27 data
set. The data set for training and testing was selected by using random permutation
technique in MATLAB, with the help of the “randperm” command.

ANFIS architecture is shown in Fig. 2. The input membership function (MF) is
taken as “gbelmf ”. The ANFIS model is generated using “hybrid” algorithm with
100 epochs. Hybrid algorithm is a combination of least square and backpropagation
techniques [3].

Fig. 2 ANFIS architecture
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3 Results and Discussions

The model is tested by predicting the outcomes and comparing these with the
observed output from the numerical model. The comparison is shown in Fig. 3.
It is observed that the R2 for both training and testing is found to be 0.98. Hence, it
can be interpreted that the present model not only predicts the output accurately but
also has very good generalization capability. According to Sethy et al. [5], R2 can be
calculated as;

R2 = E1 − E2

E1
(1)

E1 =
n∑

i=1

(
Oi − O∗)2 (2)

E2 =
n∑

i=1

(
Op − Oi

)2
(3)

Fig. 3 Comparison of observed and predicted outputs
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where, Oi, O*, and Op are observed, average observed, and predicted (sf /su) %,
respectively.

The variation of the transient settlement with each input parameter is illustrated
in Fig. 4. In this figure, input 1, input 2, input 3 and input 4 represent FS, Df /B,
qd(max)/qu (%), and Dr (%), respectively. The non-dimensional settlement decreases
with an increase in FS,Df /B, andDr (%) and increases with an increase in qd(max)/qu
(%). The combined effect of parameters on the transient settlement is shown in Fig. 5
as surface plots. Apart from FS, where a sharp decrease in output is observed, in case
of all the parameters a gradual variation of the output is observed. This phenomenon
justifies the importance of static load in controlling the transient behavior of the
footing. As the depth of embedment increases, the passive resistance due to the
surrounding soil comes into play, thereby creating a more stable footing condition.
Due to this, the non-dimensional settlement also decreases with an increase in the
depth of embedment. However, it may be observed that the effect of foundation
embedment is negligible after a certain value. In the case of the relative density of
soil, an increase in the parameter means an increase in the strength of the soil which
leads to smaller non-dimensional settlements. It is important to note that, with the
increase in the depth of embedment and the relative density the amount of settlement
will increase, due to an increased level of ultimate bearing capacity of the foundation,
but the non-dimensional parameter (sf /su) % will show the reverse trend.

Fig. 4 Variation of output with individual inputs
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Fig. 5 Surface plots showing input–output relation

4 Sensitivity Analysis

The sensitivity analysis has been carried out using the proceduresmentioned inBeura
and Bhuyan [19]. The percentage contribution (Si) of a variable can be calculated as;

Si = |Di |
n∑

i=1
|Di |

× 100 (4)

Di is calculated by using the procedures mentioned in Beura and Bhuyan [19].
The weight of each parameter is shown in Fig. 6. From Fig. 6, it is revealed that

FS is the most influencing parameter followed by qd(max)/qu (%), Df /B, and Dr (%).
From sensitivity analysis, it is found that the transient response of a foundation is
highly dependent on the existing static load on the foundation.

5 Conclusions

A data set generated with the help of Beam on Nonlinear Winkler Model is analyzed
using ANFIS. The effect of soil and loading parameters on the non-dimensional
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Fig. 6 Significance of input parameters

transient settlement response is described. From the analysis of results obtained
from ANFIS and sensitivity analysis the following conclusions are drawn:

(a) ANFIS can be used to predict the transient settlement accurately, with very good
generalization.

(b) The non-dimensional transient settlement is directly proportional to the intensity
of cyclic load and inversely proportional to the factor of safety, embedment ratio,
and relative density of soil.

(c) Sensitivity analysis of trained ANFIS model suggests that the factor of
safety and relative density of soil are the most and least influencing parameters,
respectively.

References

1. Yilmaz I, Kaynar O (2011) Multiple regression, ANN (RBF, MLP) and ANFIS models for
prediction of swell potential of clayey soils. Expert Syst Appl 38(5):5958–5966

2. CabalarAF,CevikA,GokceogluC (2012) Some applications of adaptive neuro-fuzzy inference
system (ANFIS) in geotechnical engineering. Comput Geotech 40:14–33

3. Trivedi R, Singh TN, Gupta N (2015) Prediction of blast-induced flyrock in opencast mines
using ANN and ANFIS. Geotech Geol Eng 33(4):875–891

4. Asrari AA, Shahriar K, Ataeepour M (2015) The performance of ANFIS model for prediction
of deformation modulus of rock mass. Arab J Geosci 8(1):357–365

5. Sethy BP, Patra CR, Sivakugan N, Das BM (2017) Application of ANN and ANFIS for
predicting the ultimate bearing capacity of eccentrically loaded rectangular foundations. Int J
Geosynt Ground Eng 3(4):35, 1–14

6. Kebria DY, Ghavami M, Javadi S, Goharimanesh M (2018) Combining an experimental study
and ANFIS modeling to predict landfill leachate transport in underlying soil—a case study in
north of Iran. Environ Monit Assess 190(1):26, 1–17

7. GhorbaniB, SadrossadatE,Bazaz JB,Oskooei PR (2018)NumericalANFIS-based formulation
for prediction of the ultimate axial load bearing capacity of piles through CPT data. Geotech
Geol Eng 36(4):2057–2076



Transient Response Prediction of Shallow Foundation Using ANFIS 397

8. Umrao RK, Sharma LK, Singh R, Singh TN (2018) Determination of strength and modulus of
elasticity of heterogenous sedimentary rocks: An ANFIS predictive technique. Measurement
126:194–201

9. Harandizadeh H, Toufigh MM, Toufigh V (2019) Application of improved ANFIS approaches
to estimate bearing capacity of piles. Soft Comput 23(19):9537–9549

10. Saadat M, Bayat M (2019) Prediction of the unconfined compressive strength of stabilised
soil by Adaptive Neuro Fuzzy Inference System (ANFIS) and Non-linear Regression (NLR).
Geomech Geoeng 1–12

11. Moayedi H, Mosallanezhad M, Rashid ASA, Jusoh WAW, Muazu MA (2018) A systematic
review and meta-analysis of artificial neural network application in geotechnical engineering:
theory and applications. Neural Comput Appl 1–24

12. OpenSEES [Computer Software], University of California, Berkeley
13. Harden C, Hutchinson T, Martin GR, Kutter BL (2005) Numerical modeling of the nonlinear

cyclic response of shallow foundations. Rep No 2005/04 Pacific Earthquake Engineering
Research Center (PEER) Berkeley California

14. Raychowdhury P (2008) Nonlinear Winkler-based shallow foundation model for performance
assessment of seismically loaded structures. Ph.D. dissertation, University of California, San
Diego

15. Sasmal SK,BeheraRN (2018) Prediction of combined static and cyclic load-induced settlement
of shallow strip footing on granular soil using artificial neural network. Int J Geotech Eng 1–11.
https://doi.org/10.1080/19386362.2018.1557384

16. Sahu R, Patra CR, Das BM, Sivakugan N (2016) Bearing capacity of shallow strip foundation
on geogrid-reinforced sand subjected to inclined load. Int J Geotech Eng 10(2):183–189

17. EPRI (1990) Manual on estimating soil properties for foundation design. Electric Power
Research Institute, Palo Alto, California

18. Patra CR, Behara RN, Sivakugan N, Das BM (2012) Ultimate bearing capacity of shallow strip
foundation under eccentrically inclined load, Part I. Int J Geotech Eng 6(3):343–352

19. Beura SK, Bhuyan PK (2018) Operational analysis of signalized street segments using multi-
gene genetic programming and functional network techniques. Arab J Sci Eng 43(10):5365–
5386

https://doi.org/10.1080/19386362.2018.1557384


Seismic Bearing Capacity and Elastic
Settlement of Footing on Slopes

Sukanta Das and B. K. Maheshwari

Abstract The aim of this paper to study the seismic bearing capacity of embedded
strip footing on cohesionless soil slopes. In addition, elastic settlement of strip
footing on slopes is also examined, which is not yet studied in the literature. Three-
dimensional finite element method (3D-FEM)-based numerical analysis in PLAXIS
3D software is carried out for the present investigation. The strip footing located
at the horizontal surface is considered first and then the effect of the slope angle is
studied. The effect of slope angle, embedment depth and load intensity of footing
on slopes are presented in the present study. The results obtained from the present
numerical study are compared with available past results in the literature. A strip
footing located on the face of the stable granular slopes (β = 20° and 30°) is consid-
ered. The seismic bearing capacity in terms of bearing capacity factor is determined.
A significant reduction of bearing capacity factor is observed due to the presence
of slopes. However, the influence of slope angles on the elastic settlement of strip
footing is reported for a constant load and foundation geometry. From the obtained
results, as expected the maximum settlement is observed at the center. The elastic
settlement of the footing is not significantly dependent on slope angles.

Keywords Bearing capacity · Seismic condition · Elastic settlement · Strip
footing · Embedment · Soil slopes · 3D FEM

1 Introduction

In foundation design, the bearing capacity and settlement analysis of a foundations
are common in practice. The design of foundation on slopes is still a difficult task
for engineers due to less guidelines. The key parameter for designing of foundations
on slopes is slope angles which significantly reduce the bearing capacity. Minimum
edge distance of foundations from the slope side also influence the bearing capacity
of foundation on slopes [1]. Researchers studied the bearing capacity of shallow
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foundation on slopes by either experimentally or theoretically [2–4]. Very few studies
on seismic bearing capacity on slopes are available compare to seismic bearing
capacity of footing on horizontal surface [5–9].

Meyerhof [1], first considered the effect of embedment depth of footing on slopes.
Further, few researchers had considered the effect of embedment of footing on slopes
[6, 8, 9]. In the present study, an attempted is made to check, and the embedment of
footing on slopes using finite element method (FEM).

Several studies are available for estimation of elastic or immediate settlement
of footing on horizontal surface. Many researchers proposed different formulae to
determine the elastic settlement based on theory of elasticity [10–12]. In the present
study, finite element numerical analysis is carried out to examine the elastic settlement
of footing on slopes.

2 Numerical Modeling

In the present study, FEM-based numerical analysis has been considered to examined
the bearing capacity and settlement of embedded (Df) strip footing of width (B) on
slopes (β = 20°, 30°). In PLAXIS 3D, the FEM model of 200 m width, 30 m deep
and extended by 1 m in lateral direction has been considered to adopt the plain strain
condition. The height of the slope is taken as 10m. Figure 1 depicts the nomenclature
used for the estimation of bearing capacity and elastic settlement of strip footing on
slopes. The soil material has been modeled as ten nodded tetrahedral elements while
for the footing six noted triangular plate element has been considered. The Mohr–
Coulomb elasto-plastic constitutive has been used for soil and the footing has been
assumed as linear elastic. The associatedflow rule has been considered in the analysis.
A uniformly distributed pressure has been applied on the top of the embedded strip
footing on slopes.

Fig. 1 FEM model used for estimation of seismic bearing capacity of strip footing embedded on
slopes
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A standard boundary condition has been assigned to FEMmodel, the bottom edge
is fully fixed against any rotation while side edges are free along vertical direction
and fixed in lateral direction directions, as shown in Fig. 1. The sloping surface has
been kept as free. The medium meshing scheme with required local refinement has
been assigned where the results get fully converged and the difference of results is
minimum with change of element size.

The equation used in the present study is given by Meyerhof [1] to estimate the
bearing capacity, as given in Eq. 1. Where the Nγqs is bearing capacity factor.

qu = 1

2
γBNγ qs (1)

Elastic settlement occurs in granular soil deposits with in a short time and esti-
mation of elastic settlement is quite common in geotechnical engineering practice.
Several studies are available to determine the elastic settlement of footing on hori-
zontal surface. Among all those literatures, Mayne and Poulos [11] proposed an
equation based on theory of elasticity which considered all the correction factors,
given in Eq. 2. Where ρz is settlement, Be is footing width, ν is Poisson ratio, Eo

is Young modulus of soil, IG is influence factor, IF is footing stiffness factor, IE is
embedment correction factor, IR is footing roughness factor. In the present study,
linear elastic soil material and perfectly elastic footing have been assumed. The stan-
dard FEM model dimension has been considered, as Maney and Poulos [11] stated
minimum depth of model has been considered as H/B = 30 m and a trail numerical
analysis has been done to fixed the standard lateral dimensions. The standard side
distance has been considered at b/B and l/L = 30 where the effect of lateral side
is minimum, as shown in Fig. 2a. The footing is discrete into a very small size of
elements (no of elements >500) to get accuracy in results. A rectangular flexible
footing placed at the crest of the slopes and a uniformly load has been assigned on
the footing. The settlement at the center and both corner has been recorded.

)b()a(

0.50

0.60

0.70

0.80

0.90

1.00

1.10

1.20

1.30

0 20 40 60

ρ /
ρ a

t H
/B

=3
0

H/B

Rectangular Foo ng

b/B=l/L=50
b/B=l/L=30
b/B=l/L=24
b/B=l/L=18

Fig. 2 Nomenclature used to check the elastic settlement of footing on slopes



402 S. Das and B. K. Maheshwari

ρz = qBe
1− v2

s

E0
IG IF IE IR (2)

3 Seismic Bearing Capacity of Strip Footing on Slopes

The seismic bearing capacity of a strip footing on a cohesionless soil has been
estimated using FEM analysis. Initially, the seismic bearing capacity of strip footing
on horizontal surface has been examined. Further, the effect of slope angle has been
considered. The present results have been compared with past results for both footing
located on horizontal and sloping surface. From the present numerical analysis, a
chart has been proposed to estimate the seismic bearing capacity of strip footing on
slopes for different embedment.

3.1 Comparison of Seismic Bearing Capacity

The seismic bearing capacity of strip footing has been determined in terms of seismic
bearing capacity factor. The obtained results from the present study have been
comparedwith the past results, as shown in Fig. 3. The comparison of seismic bearing
capacity factor of strip footing on horizontal surface has been presented in Fig. 3a,
whereas Fig. 3b represents the seismic bearing capacity of strip footing embedded on
slopes. The results have been observed as close as reported by Kumar and Rao [7].
The case of Nγqs of footing embedded on slopes has been found reasonably closer
with that of suggested by Chakraborty and Kumar [13].
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3.2 Effect of Embedment

The influence of embedment on seismic bearing capacity of strip footing on stable
slopes has been depicted in Fig. 4. As expected, the bearing capacity increases
with the increase of friction angle of soil irrespective of other conditions. For a
constant embedment and slope angle, the seismic bearing capacity factor decreases
with increase of seismic forces. From Fig. 4a, b, the bearing capacity factor increase
with the increase of embedment. The bearing capacity factors decrease with the
increases of slope angle. Therefore, the seismic bearing capacity depends on internal
friction angle of soil, slope angle and embedment of footing.
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Table 1 Comparison of settlement influence factor for circular flexible footing

Nishida (1966) Present study 3D FEM

Ic Ie Ic Ie

c/a Poisson’s ratio Poisson’s ratio

0.5 0.25 0.00 0.5 0.25 0.00 0.5 0.25 0.00 0.5 0.25 0.00

0 1.5 1.87 2 0.95 1.19 1.27 1.48 1.87 1.98 0.94 1.20 1.27

3.5 0.90 0.99 0.90 0.90 0.99 0.90

5 0.86 0.94 0.86 0.58 0.60 0.58 0.86 0.94 0.86 0.58 0.60 0.58

100 0.75 0.83 0.75 0.47 0.53 0.47 0.77 0.83 0.76 0.46 0.52 0.47

1000 0.75 0.83 0.75 0.47 0.53 0.47 0.78 0.83 0.77 0.47 0.54 0.48

4 Elastic Settlement of Circular Footing on Slopes

The rectangular footing located at the horizontal and crest of the slopes has been
adopted for the estimation of elastic settlement of flexible circular footing. The effect
of slope angles on elastic settlement for a constant load and footing geometry has
been examining.

4.1 Comparison of Elastic Settlement

The standard FEM model dimension has been considered to check the elastic settle-
ment of footing on horizontal as well as on slopes. Several solutions are available to
estimate elastic settlement of footing on slopes. The present numerical results have
been compared with past elastic solution. Nishida [14] reported influences factor
for determination of elastic settlement of flexible circular footing. In Table 1, the
comparison of influence factor has been presented and found good agreement with
the present results. Further, the settlement influence factors proposed by Milovic
[10] for flexible circular footing and Timoshenko and Goodier [12] for rigid circular
footing has been compared with present results, as shown in Fig. 5. Moreover, the
obtained FEM results from the present FEM analysis are in good agreement with
past studies.

4.2 Effect of Slope Angles

The elastic settlement of footing on slopes has been examined numerically and
reported here. The elastic settlement of footing for flexible and rigid footing has
been shown in Fig. 6a, b. In case of flexible footing on slopes, the settlement at the
center has been observed maximum and minimum at the far corner of the footing
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Fig. 5 Comparison of
elastic settlement of footing
on horizontal surface

0.4

0.6

0.8

1

1.2

1.4

1.6

0.0 0.1 0.2 0.3 0.4 0.5

Se
le

m
en

t I
nfl

ue
nc

e 
fa

ct
or

Poissions ra o (ν)

Theore cal solu ons
Flixible circular foo ng at Center
Flixible circular foo ng at edge
Rgid circular foo ng

)b()a(

0.99

1.00

1.01

1.02

1.03

1.04

1.05

1.06

1.07

0 10 20 30 40

ρ a
t fl

at
 g

ro
un

d/
ρ

at
 sl

op
es

Slope angle (Degree)

Center
Near crest
Far crest

0.60

0.80

1.00

1.20

1.40

1.60

0 10 20 30 40 50 60 70

ρ a
t fl

at
 g

ro
un

d/
ρ

at
 sl

op
es

Slope Angle (Degree)

Rigid Foo ng

Fig. 6 Elastic settlement of footing on slopes for D/B = 0, E = 10Mpa and ν = 0.25 a flexible
footing and b rigid footing

from slopes. The settlement at the center and near corner of the flexible footing from
the slopes has shown an incremental trend. However, the rate of change of increment
of settlement has been noted insignificant. Within elastic zone, the effect of slope
angle has not found significant on elastic settlement of footing. In rigid footing, the
settlement at the center increases after slope angle 45° but in granular soil the slope
angle greater than 45° unstable. Moreover, an attempt has been made to check the
elastic settlement of footing on slopes and observed insignificant effect of slope angle
on elastic settlement of footing.
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5 Conclusions

Several numbers of FEM analysis have been carried out for the estimation of seismic
bearing capacity and elastic settlement of footing on slopes. Based on the present
numerical analysis, the following conclusions can be drawn:

The present results obtained from FEM analysis for both seismic bearing capacity
and elastic settlement have been found in good agreementwith past studies. However,
seismic bearing capacity obtained by limit analysis is quite less than FEM analysis.

The bearing capacity factors decrease with increase of seismic forces in both
horizontal and sloping surface. For a constant load and footing geometry, the load
carrying capacity is higher for smaller slope angle (β = 20°) than higher slope angle
(β = 30°).

For a given slope angle, the bearing capacity increases with increases of footing
embedment slope that may be due to increase of participating soil volume. The rate
of increase of bearing capacity factor is high for larger slope angle. Finally, a chart
has been reported for the estimation of seismic bearing capacity of embedded strip
footing on slopes.

The effect of slope angle on footing has been examined based on theory of elas-
ticity and no significant effect has been observed. The variation of elastic settlement
of flexible footing has been observed within 6–10% at slope angle 0°–40°. However,
the same effect has been observed in case of rigid footing.
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Abstract In the present study, different approaches for determining seismic bearing
capacity of shallow foundations have been discussed and a comparison has been
drawn between seismic bearing capacity of shallow foundations of various widths
and foundation depths, resting on both horizontal and sloping grounds. In general,
the bearing capacity of foundations for static loading condition has been exten-
sively studied by many researchers in the past. However, limited studies have been
found from literatures which highlight the effect of an earthquake event on the
bearing capacity of shallow foundations, especially when the foundation is resting
on a sloping terrain. In this study, Sarma and Iossifelis (Geotechnique 40(2):265–
273, 1990, [1]), Richards et al. (J Geotech Eng, ASCE 119(4):662–674, 1993, [2]),
Budhu and Al Karni (Geotechnique 43(1):181–187, 1993, [3]), Soubra (Proceed-
ings of the Institution of Civil Engineers: Geotechnical Engineering, London vol
125(4), pp 230–241, 1997, [4] and 1999), Kumar and Rao (Geotechnique 52(2):79–
88, 2002, [5]), and Cascone and Casablanca (Soil Dyn Earthq Eng 84:204–223 2016,
[6]) have been studied for computing seismic bearing capacity of shallow founda-
tions of various widths resting on horizontal ground. Similarly, the seismic bearing
capacity of shallow foundations of various widths resting on sloping ground has been
computed by methods provided by Kumar and Rao (Geotechnique 53(3):347–361,
2003, [7]), and Chaudhary and Rao (Int J Geomech, ASCE 6(3):176–184, 2006, [8]).
In the end, the seismic bearing capacity of shallow foundations with varying widths
for horizontal and sloping grounds has been compared as obtained from different
methods. This study helps in understanding the basic mechanism of load transfer
from foundations to the surrounding ground as well as highlights on differences and
similarities among different analytical solutions available for determining seismic
bearing capacity of shallow foundations.
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1 Introduction

For any civil engineering structure, foundations play an important role in transferring
the superstructure load to the substrata. Any substrata eithermade of layered cohesive
or cohesionless soil or rock mass should be able to bear the foundation and the load
being transferred to it. Hence, neither the substrata nor the foundation itself should
fail. For this reason, safe and accurate determination of bearing capacity of foundation
is very crucial, especially when the strata location lies in a seismically active zone,
such as the hilly states of India, e.g., Himachal Pradesh, Uttarakhand, the seven
sister states in the North Eastern part and the newly formed union territory Jammu
and Kashmir.

In the present study, different approaches for determining seismic bearing capacity
of shallow foundations have been discussed and a comparison has been drawn
between seismic bearing capacity of shallow foundations of various widths and foun-
dation depths, resting on both horizontal and sloping grounds. In general, the bearing
capacity of foundations for static loading condition has been extensively studied by
any researchers in the past. However, limited studies have been found from literatures
which highlight the effect of an earthquake event on the bearing capacity of shallow
foundations, especially when the foundation is resting on a sloping terrain. Some of
the notable and highly cited methods on determining the seismic bearing capacity
of foundations have been studied and referred to in this present study. For example,
in this study, Sarma and Iossifelis [1], Richards et al. [2], Budhu and Al Karni [3],
Soubra [4], Kumar and Rao [5], and Cascone and Casablanca [6] have been studied
for computing seismic bearing capacity of shallow foundations of various widths
resting on horizontal ground. Similarly, the seismic bearing capacity of shallow
foundations of various widths resting on sloping ground has been computed by
methods provided by Kumar and Rao [7], and Chaudhary and Rao [8]. The investi-
gation of these seismic bearing capacity computation methods shows that the values
of seismic bearing capacity factors examined and modified by different researchers
reduce substantially in the earthquake-prone areas and their values depend on many
other parameters. In some of these methods, the seismic effect on ground has been
incorporated through assigning horizontal and vertical seismic coefficients, where
the values of horizontal seismic coefficient were computed from their correlations
with internal friction angle of ground material. On the other hand, values of all three
seismic bearing capacity factors such as NcE, NqE, and NγE have been computed
from their correlations with internal friction angle of slope material and the given
slope angle, α (for sloping grounds only). Apart from these, Zhu [9] also discussed
about the role of Nγ factor especially for a foundation.

In the present study, the seismic bearing capacity of shallow foundations with
varying widths for horizontal and sloping grounds has been compared as obtained
from different methods. The present study will help in understanding the basic mech-
anism of load transfer from foundations to the surrounding ground as well as high-
lights on differences and similarities among different analytical solutions available
for determining seismic bearing capacity of shallow foundations.
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Table 1 Parameters considered in the present study

Type Parameter Values

Foundation details Depth (Df) 1, 1.5 and 2.0

Width (B) = Length (L) 1, 2 and 3

Soil parameters Unit weight (γ) 18.33 kN/m3

Cohesion (c) 13.4 kN/m2

Internal angle of friction (ϕ) 34.22°

Earthquake parameters Horizontal earthquake acceleration coefficient (kh) 0.15

Slope geometry Slope angle or ground inclination (α) 15 and 20 degree

2 Methodology

For the present study, the seismic bearing capacity factors such as NcE, NqE, and
NγE have been computed from their correlations with internal friction angle of slope
material for computed horizontal seismic coefficient for a given earthquake zone of
study and a slope angle, α selected. These bearing capacity factors were then substi-
tuted in the bearing capacity equations given by many researchers to find the seismic
bearing capacity of the shallow foundation. In this study, typical soil parameters like
the unit weight and shear strength parameters have been evaluated after studying
characteristic sample values from different locations in the state of Uttarakhand,
especially from the hilly areas. These parameters and their values considered in this
study are given as follows:

The ultimate seismic bearing capacity (qu) is computed from the following
equation, given by Terzaghi [10] and suggested by Cascone and Casablanca [6]:

qu = 1.3CNcE + γ D f NqE + 0.4Bγ NγE (1)

By substituting all the necessary values from the given data in Table 1 and the
values of seismic bearing capacity factors as calculated from monographs or tables
provided by different researchers [1–8] in the above equation, the ultimate seismic
bearing capacity (qu) can be computed.

3 Results

The ultimate seismic bearing capacity of shallow foundations of different widths
and foundation depths, resting on both horizontal and sloping grounds, has been
determined from various approaches provided by various researchers by adopting the
methodology discussed in the earlier section. The obtained results are summarized
in the following Tables 2, 3 and 4.
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Table 2 Ultimate seismic bearing capacity of shallow foundations on horizontal ground

Researchers Foundation dimensions Seismic bearing capacity
factors

Computed
ultimate seismic

Width (B), Depth (Df), NcE NqE NγE Bearing capacity
(qult), kPa

Sarma and
Iossifelis [1]

1 1.0 33.19 23.94 37.31 1290.54

2 1.0 1564.1

3 1.0 1837.66

1 1.5 1509.95

2 1.5 1783.51

3 1.5 2057.07

1 2.0 1729.36

2 2.0 2002.92

3 2.0 2276

Richards et al.
[2]

1 1.0 28.66 22.52 29.11 1125.48

2 1.0 1338.91

3 1.0 1552.35

1 1.5 1331.87

2 1.5 1545.31

3 1.5 1758.74

1 2.0 1538.27

2 2.0 1751.7

3 2.0 1965.14

Budhu AND
Al-Karni [3]

1 1.0 32.86 22.95 26.44 1186.95

2 1.0 1380.81

3 1.0 1574.66

1 1.5 1397.28

2 1.5 1591.14

3 1.5 1785

1 2.0 1607.62

2 2.0 1801.48

3 2.0 1995.34

Soubra [4] 1 1.0 35.6 24.93 37.21 1349.94

2 1.0 1622.76

3 1.0 1895.95

1 1.5 1578.42

2 1.5 1851.24

3 1.5 2124.07

1 2.0 1806.9

(continued)
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Table 2 (continued)

Researchers Foundation dimensions Seismic bearing capacity
factors

Computed
ultimate seismic

Width (B), Depth (Df), NcE NqE NγE Bearing capacity
(qult), kPa

2 2.0 2079.73

3 2.0 2352.55

Kumar and Rao
(2002) [5]

1 1.0 35.6 24.93 17.76 1207.33

2 1.0 1337.55

3 1.0 1467.76

1 1.5 1435.81

2 1.5 1566.03

3 1.5 1696.25

1 2.0 1664.3

2 2.0 1794.51

3 2.0 1924.73

Cascone and
Casablanca [6]

1 1.0 31.97 22.6 20.03 1118.03

2 1.0 1264.89

3 1.0 1411.75

1 1.5 1325.16

2 1.5 1472.02

3 1.5 1618.88

1 2.0 1532.29

2 2.0 1679.15

3 2.0 1826.01

The seismic bearing capacity factors have been determined as a function of hori-
zontal earthquake acceleration coefficient (kh), slope angle or slope inclination (α),
and friction angle (ϕ) of soil. Hence, it is important to develop an easy and simple
graph including the effects of all these parameters in the computed values of the ulti-
mate bearing capacities. Hence, in this study, the obtained values of ultimate seismic
bearing capacity of the foundations of various widths at different foundation depths
have been plotted against a dimensionless number of Df/B ratios (Figs. 1 and 2).

4 Conclusions

Following important conclusions can be drawn from the present study:

• Bearing capacity factors reduce considerably with an increase in the magnitude
of horizontal seismic acceleration coefficient (kh).
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Table 3 Ultimate seismic bearing capacity of shallow foundations on sloping ground (slope angle
= 15°)

Researchers Foundation dimensions Seismic bearing
capacity factors

Computed
ultimate seismic

Width (B), m Depth (Df), m NcE NqE NγE Bearing capacity
(qult), kPa

Kumar and Rao [7] 1 1.0 15.5 8.97 10.63 512.36

2 1.0 590.3

3 1.0 668.24

1 1.5 594.57

2 1.5 672.51

3 1.5 750.45

1 2.0 676.78

2 2.0 754.72

3 2.0 832.66

Choudhury and Rao
[8]

1 1.0 11.2 6.04 5.61 346.94

2 1.0 388.08

3 1.0 429.21

1 1.5 402.3

2 1.5 443.43

3 1.5 484.57

1 2.0 457.66

2 2.0 498.79

3 2.0 539.92

Table 4 Ultimate seismic bearing capacity of shallow foundations on sloping ground (slope angle
= 20°)

Researchers Foundation dimensions Seismic bearing
capacity factors

Computed
ultimate seismic

Width (B), m Depth (Df), m NcE NqE NγE Bearing capacity
(qult), kPa

Kumar and Rao [7] 1 1.0 12.63 5.95 7.21 381.94

2 1.0 434.8

3 1.0 487.66

1 1.5 436.47

2 1.5 489.33

3 1.5 542.2

1 2.0 491

2 2.0 543.86

3 2.0 596.73
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Fig. 1 Ultimate seismic bearing capacity of the foundations of variouswidths at different foundation
depths for foundations resting on a horizontal ground

• The reduction of NγE factor with an increase in kh was found to be more sensitive
as compared with the reductions in the other bearing capacity factor NcE.

• The magnitudes of all the bearing capacity factors decrease with an increase in
slope angle or ground inclination (α).

• The seismic bearing capacity of foundations increases for increasing widths at the
same depth for horizontal and sloping grounds, keeping the slope angle constant.

• The seismic bearing capacity of foundations increase for increasing footing depths
keeping widths constant for horizontal and sloping grounds, keeping the slope
angle constant.

• The seismic bearing capacity of foundations decreases significantly for increasing
slope inclinations with respect to the foundation of same widths and depths since
the confining pressure on foundation from the soil on the sloping face reduces
critically with increasing slope inclination.

Finally, it can be concluded that for the safe design of shallow foundations, one
must consider seismicity of the local site and soil conditions as well as the slope
geometry.
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Fig. 2 Ultimate seismic bearing capacity of the foundations of variouswidths at different foundation
depths for foundations resting on a sloping ground
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Seismic Response of Buildings Resting
on Raft Foundation with EPS Geofoam
Buffer

M. V. Sreya, B. R. Jayalekshmi, and Katta Venkataramana

Abstract Seismic isolation is a technique that has been used around the world
to protect building structures, non-structural components and content from the
damaging effects of earthquake ground shaking. The present study deals with
analysing the efficiency of Epoxy Polystyrene (EPS) geofoam buffer as a soil
isolation medium to reduce the seismic energy transferred, thereby reducing the
dynamic response of building under earthquake loads. The behaviour of an inte-
grated soil isolation-building system has been investigated analytically, by using
recorded accelerogram of El Centro earthquake. Finite element simulation of tran-
sient response has been carried out on three-dimensional field-scale models of one-
storey, two-storey, three-storey and four-storey buildings resting on raft foundation
in sand beds of different stiffnesses, with and without soil isolation mechanism. Four
sets of three-dimensional buildings of single bay moment resisting concrete frames
with 4 m bay length in either directions and 3 m storey height have been considered
for the estimation of seismic response. EPS geofoam buffer of thicknesses 0.05, 0.10,
0.15 and 0.20 m and stiffnesses 22, 16, 10 and 5 MPa are placed at a depth of 0.15 m
below the raft foundation of dimension 5 m× 5 m× 0.5 m. Different soil stiffnesses
are considered to study its effects on the seismic response of building. Size of the soil
stratum considered is 55 m× 55 mwith a depth of 20 m. Absorbent boundaries have
been used to eliminate the problem of reflection of the waves back into the soil from
lateral boundaries. The interface between the underneath soil and EPS geofoam is
formulated with a coefficient of friction 0.3. The results under field-scale conditions
indicate that soil isolation provided by the EPS geofoam buffer substantially reduces
the earthquake energy transmission to the superstructure during a strong earthquake.
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1 Introduction

In a seismic isolation system, a flexible or sliding interface positioned between a
structure and its foundation is made for the purpose of decoupling the horizontal
motions of the ground from the horizontal motions of the structure, thereby reducing
earthquake damage to the structure and its contents. Various mechanisms of this type
have been invented over the past century, including those using rollers and layers of
sand. For example, a building in China has been built with a sand layer between the
foundation.

Obtaining high-quality alternative geo-materials is a challengingwork in geotech-
nical engineering. The non-conventional lightweight materials are the solution for
such situations.

Apart from the use of geosythetics, there is a newproduct derived from the geosyn-
thetics, called geofoam, which is available in the market as a lightweight mate-
rial having density around 1% of the density of soil. Expanded polystyrene (EPS)
geofoam is an ultra-lightweight material with a number of geotechnical applications
that has been increasing continuously over the last 40 years. It can act as an isolation
material due to its main advantages like lightweight and low stiffness. Expanded
polystyrene (EPS) geofoam is a closed cellular plastic foam and geosynthetic mate-
rial, which is used in a wide variety of civil engineering applications including rapid
construction of embankment over compressible soils [1, 2], slope stabilization [3],
reduction of static and dynamic thrust on retaining walls, bridge abutments and piles
[4], as a sub-base fill material [5, 6] and as isolation against dynamic loading [6].
In fact, the application of EPS geofoam can be classified by its function including
lightweight fill (density), compressible inclusion, thermal insulation and vibration
damper.

Researchers have been working to get a parametric study of the EPS geofoam
buffer for its engineering properties. The engineering properties of expanded
polystyrene (EPS) have been looked into by Negussey et al. [7, 8]. Stress–strain
behaviour and coefficients of lateral earth pressure of soils and EPS were compared
in stress-controlled conditions. The results indicated that the engineering properties
of EPS can be quantified in a manner similar to that of earth materials. Behaviour of
EPS geofoamunder static and dynamic loadingwas studied. Interface of soil and EPS
geofoam has also been studied. Average peak friction factor of about 0.88 and the
residual friction factor of 0.65 were obtained under both dry and wet conditions for
large samples of up to 500 mm× 500 mm in interface area from the direct shear tests
[7]. In view of the fact that endeavours have been made over the years to analyse
the stress–strain behaviours of sand–EPS mixture, understanding the modulus of
elasticity and compressibility coefficient is of special importance in modelling the
overall response of a particulate combination, soil density, geofoam block thickness,
stiffness of the geofoam material and configuration of specimen.

Stiffness and thickness of the EPS geofoam buffer and stiffness of soil are the
parameters considered in the present study for the analysis.
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2 Methodology

Finite element simulation of transient response has been carried out on three-
dimensional field-scalemodels of one-storey, two-storey, three-storey and four-storey
buildings resting on raft foundation in sand beds of different stiffnesses, with and
without soil isolation mechanism. Size of the soil strata considered was of 55mx55m
planar area with 20 m depth. One-, two-, three- and four-storey buildings were
supported on raft foundation with a size of 5 m × 5 m and of 0.5 m thickness.
EPS geofoam was provided for the same planar area of raft, and thickness is varied
from 0.05 to 0.20 m. One-bay RC buildings were with 4 m bay length and 3 m height
for each storey. Different models were created for buildings with different storey
heights, and the thickness and stiffness of the EPS geofoam varied for the models.
Areas of cross section of columns and beams taken were 0.3 m × 0.3 m. Figure 1
shows the schematic illustration of building-isolated soil system.

Soil as well as raft was modelled with 8-noded linear brick reduced integration
element SOLID 185 and columns and beams with 2-noded linear element BEAM
188. EPS geofoamwas discretizedwith 3D finite strain element SOLSH190. Viscous
boundary was given to the lateral sides of the soil stratum, while bottom side was
fixed to restrict all kind of movements. Material properties used for the analysis are
given in Table 1. Young’s modulus of elasticity, Poisson’s ratio and density of the
material are the properties mainly required for the analysis. All the properties were
collected from the parametric studies conducted in the past.

Various thicknesses of EPS considered were 0.05, 0.10, 0.15 and 0.20 m, and
stiffnesses considered were 5 MPa,10 MPa,16 MPa and 22 MPa, respectively. Effect

Fig. 1 Schematic illustration of building-isolated soil system

Table 1 Material properties Properties Soil Concrete EPS geofoam

Stiffness, E (MPa) 55 22,500 5, 10, 16, 22

Density (kg/m3) 1840 2500 22

Poisson’s ratio 0.3 0.2 0.1
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(a) (b)

(c)

Fig. 2 Finite element models simulated in ANSYS: a without EPS geofoam buffer b with EPS
geofoam buffer c isometric view of FEM model

of soil stiffness on the building response was also studied for various stiffnesses of
soil such as 1, 20, 55, 100 and 150 MPa, i.e. from loose to very dense sand.

Figure 2 shows the finite element models simulated in ANSYS for cases with and
without soil isolation mechanism.

2.1 Seismic Analysis

The building-isolated soil system was subjected to a dynamic seismic load corre-
sponding to the recorded accelerogram of EL Centro earthquake (1940) with scaled
down PGA of 0.3 g for the initial 10 s duration (see Fig. 3). Seismic analysis was
carried out to study the effect of stiffness and thickness of EPS geofoam material
used as soil isolation on the seismic response of buildings. The coefficients of fric-
tion between EPS and raft and between soil and EPS were taken as 1.0 and 0.7,
respectively [7].
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Fig. 3 Time history of input ground acceleration of El Centro earthquake

3 Results and Discussions

Stiffness and thickness effects of EPS geofoam buffer on roof acceleration of the
buildings for different storeys were analysed. Analysis was done for buildings resting
on soil with different stiffnesses. The results show that the roof acceleration response
decreaseswith the reduction in stiffness and increase in thickness of theEPSgeofoam.

3.1 Effect of Stiffness of Soil on Seismic Response
of Building

The roof acceleration of building is found to be varying considerably with the soil
stiffness. Figure 4 shows the representative sketch of roof acceleration response
of three-storey building after time history analysis, which was rested on soil with
different stiffnesses of 1, 20, 55, 100 and 150 MPa. Peak values of roof acceleration
were noted and plotted in Fig. 5. From the analysis of the building-isolated soil system
resting on different soils, it was found that model resting on high and low stiff sand
strata shows very good isolation capacity, while those resting on medium stiff soil
show less isolation capacity. While stiffness of soil decreased from 55 to 1 MPa,
78% decrease in acceleration was observed. But again, while stiffness increased to
150 MPa from 55 MPa, there was 48% decrease in acceleration.
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Fig. 4 Roof acceleration response from time history analysis of three-storey building resting on
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3.2 Effect of Stiffness of EPS Geofoam on Seismic Response
of Building

The seismic response of building with the variation in the stiffness value of EPS
geofoam was analysed by placing the EPS geofoam at 0.15m depth below the raft
foundation. Maximum and minimum roof acceleration were observed for two-storey
and four-storey building, respectively. The percentage reduction in the acceleration
for the one-, two-, three- and four-storey buildings with the change in stiffness of
EPS from 5 to 22 MPa was obtained as 5.6%, 7.2%, 5.12% and 6.7%, respectively.
Compared to unreinforced soil-building system, around 8% to 30% reduction in
acceleration at the roof level was observed for one- to four-storey buildings when
the EPS geofoam of stiffness 5 MPa was provided within the soil. The pattern of
variation in the roof acceleration which corresponds to the increase in stiffness was
found to be the same for all building-isolated soil models which were analysed.
Figure 6 shows that less stiff EPS geofoam materials can reduce the acceleration
response of the buildings under earthquake loads.
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3.3 Effect of Thickness of EPS Geofoam on Seismic
Response of Building

Study on the effect of thickness of EPS geofoam was conducted by providing the
EPS geofoam for the entire area of raft foundation. Even though EPS geofoam is
available for various thicknesses and dimensions, it is important to fix the thickness
approximately as per the requirement.

Compared to the unreinforced conventional building-soil system, therewas almost
30% reduction in the acceleration at the roof for the isolated soil-building system
when EPS geofoam was provided at a depth of 0.15 m below the raft foundation
(Fig. 7). Even though the percentage variation in acceleration which corresponds to
stiffnesses considered was within 10%, the results obtained are in conformity with
the observations of other researchers from the past studies on the behaviour of EPS
geofoam applied for retaining walls [5].

4 Conclusion

Numerical seismic simulation of the integrated building-isolated soil system explores
the isolation effect of EPS geofoam buffer, which is placed under raft foundation. A
3D finite element simulation and parametric study in ANSYS software was carried
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out to demonstrate the effectiveness of the current method of isolation. The following
conclusions are drawn:

1. Soil–EPS interface reduces the seismic energy transferred to the superstructure.
2. Almost 30% reduction in the roof acceleration was obtained for building-isolated

soil systemwhen the soil stratum considered was medium dense sand of stiffness
55 MPa.

3. The stiffness and thickness of EPS geofoam material found to be influencing the
seismic response of building under earthquake excitations.

4. EPS geofoam material is found to be simple good isolation material for low-rise
buildings.
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