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Chapter 1 )
Incorporation of Surrounding Rock e
Layer Presence in the Design

of Underground Cut and Cover Box

Structure

Chiranjib Sarkar, Ankit Som, and Ganesh Deepak Kanchuboyina

Introduction

Underground construction is generally carried out by two methodologies, namely:
tunneling and cut and cover. Depending on ground conditions, tunneling method-
ology is subdivided into Tunnel Boring method and New Austrian Tunneling method,
whereas cut and cover methodology is subdivided into top-down and bottom-up
construction. In top-down construction, temporary and permanent support can be
integrated into one earth retaining structure. On the other side, bottom-up construc-
tion requires separate temporary earth retaining structural arrangement to provide
support during excavation and construction period. Top-down construction with
diaphragm wall is mainly chosen when there is presence of soil strata. Bottom-
up construction is mainly preferred in mixed ground condition or if there is presence
of rock layer [1]. In a metro corridor in congested locations, soldier and secant piled
walls are mainly provided as temporary earth retaining arrangement due to limited
space availability [2]. Bottom-up construction with soldier pile support arrange-
ment is generally chosen when water table is below base slab level. Secant pile
support arrangement is chosen when water table is at shallow depth. Waler and strut
or ground anchor system is further provided to support soldier piled and secant
piled walls laterally. Thus, bottom-up construction, as earth retaining arrangement,
requires additional time and activities leading to higher costs. Hence, it is necessary
to have an innovative practice beyond the common and conventional methods in
design/construction with site-specific considerations and design input parameters.
Structural design of a cut and cover station situated in mixed ground condition of

C. Sarkar (<) - A. Som
AECOM India Private Limited, New Town, Kolkata 700156, India
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Chennai Metro Project Phase-II alignment corridor has been referred for the present
case study. Construction of underground station in mixed ground condition is quite
tough, uneconomical, and time consuming with conventional methods. Grade (IV)
or better charnockite rock is encountered within the excavation depth of Thiruvan-
miyur station. Due to difficulty of excavation in hard strata as well as self-standing
nature of rock, diaphragm walls with shear pins embedded into rock strata have been
adopted. This arrangement reduces the requirement of temporary earth retaining
support arrangement like soldier pile, secant pile, etc. Therefore, it helps to save
time, manpower and material costs by 15-20%. Due to varying rock level along the
station alignment, diaphragm walls, cast in panels, terminate at different depths. The
above-mentioned arrangement has been adopted to ensure adequate stability. Further-
more, stitch walls have been provided as connection between station diaphragm wall
and station base slab using open excavation method. Entire sequence of construc-
tion has been modeled and analyzed in PLAXIS 2D [2] software for checking of
structural design, stability, ground deformation, etc. On the other hand, service stage
model has been developed in STAAD.Pro V8i [3] to check for serviceability criteria
of the structure.

Project Location and Station Description

The city of Chennai is situated near 13° North Latitude and 80° East Longitude and
stretches over a length of 19 km along the Coromandel Coast with an area of 172
km?. Entire Phase-II work of Chennai Metro Rail Limited (CMRL) is divided into
three lines, i.e., Corridor 3, Corridor 4 and Corridor 5. Thiruvanmiyur station (Ch.
24,804.002) lies in Chennai Metro Phase-II Corridor 3. AECOM is the Detailed
Design Consultant (DDC) for CMRL Corridor 3. The horizontal alignment for
Thiruvanmiyur station is shown in Fig. 1.1.

Thiruvanmiyur metro station comprises three levels of slabs supported on two
diaphragm walls on both sides. Length of the station is 152 m, height is 16.5 m,
and width of the station varies from 20.35 m in the middle of station to 24.05 m at
the ends. Three-dimensional (3D) view of the entire station box for Thiruvanmiyur
station is shown in Fig. 1.2.

Geotechnical and Geological Conditions of Project Location

The geology of Chennai comprises mostly sand deposits, clay, granite, gneiss, and
traces of shale and sandstone. The city is classified into three regions based on
geology i.e., sandy areas, clayey areas, and hard rock areas.

For the Thiruvanmiyur station, the subsurface strata at the site consist of cohesion-
less soil, cohesive soil, and weathered rock. Depth-wise and strata-wise summary
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Fig. 1.1 Location plan of Thiruvanmiyur underground metro station

Fig. 1.2 3D view of the entire station box for Thiruvanmiyur station

of station design parameters (SPT: standard penetration test, C': effective cohe-
sion, ®': effective angle of internal friction, Y: bulk density, E’: drained modulus,
E' 1y rock modulus, v: Poisson’s ratio) for soil and rock are presented in Table 1.1.
Geotechnical profile’s longitudinal section with superimposed station box outline
for Thiruvanmiyur station is shown in Fig. 1.3.

Ground water level observations during drilling of boreholes indicate that the
ground water table varies from 1.25 to 4.4 m ground level.
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Table 1.1 Depth-wise geotechnical parameters for Thiruvanmiyur station

Soil type Depth SPT |’ ' |Y E' Em v
m kPa |deg |kN/m? |kPa MPa
Filling material 0-1.5 12 - 30 18.0 18,000 |- 0.3
Medium silty sand 1.5-12.0 30 - 32 19.0 27,500 |- 0.3
Charnockite G(V) 12.0-15.0 |- 61 48 20.0 - 348 0.3
Charnockite G(III) | 15.0-27.0 |- 252 |67 |24.0 - 4665 0.2
Charnockite G(II/I) | 27.0-40.0 |- 758 |71 25.0 - 19,890 |0.15
Model of the Case Study

Due to varying rock layer along the station alignment, the following conditions are
considered:

e (Case 1 (rock layer at base level): diaphragm wall terminates at least 3 m below
base slab

e (Case 2a (rock layer more than 3 m below concourse slab): diaphragm wall
terminates above base slab and more than 6 m below concourse slab

e (Case 2b (rock layer within 3 m below concourse slab): diaphragm wall terminates
within 6 m below concourse slab.

Shear pin is required in Case 2a and Case 2b. A reinforced concrete stitch wall
is further provided as a connection between diaphragm wall and station base slab.
Diaphragm walls (D-Walls) with shear pins embedded in rock strata and stitch wall
connections with diaphragm wall for Thiruvanmiyur station are shown in Fig. 1.4.

Construction Stage Analysis

Top-down stations are supported by temporary 2 levels of conventional steel strutting
system and permanent slabs during excavation. The entrances/shafts are constructed
with bottom-up sequence. The entrances/shafts are supported by temporary 2 levels
of conventional steel struts during excavation. To reduce the effect of unbalanced
load, entrance excavation should commence only after concourse slab of station is
constructed. Different stages of construction sequence of typical top-down station
with entrance modeled in PLAXIS 2D [4] are shown in Fig. 1.5. The constitutive
model contains simple graphical inputs for different stages of construction. Mohr—
Coulomb method of soil model is used in finite element-based software PLAXIS 2D

[4].
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Fig. 1.4 Diaphragm wall with shear pin and stitch wall connection for Thiruvanmiyur station

Service Stage Analysis

The diaphragm walls are modeled as two-dimensional frame elements supporting the
roof slab, concourse slab, and base slab which in turn provide lateral restraint to the
diaphragm walls. The crack width on the external and internal faces of the diaphragm
walls has been limited to 0.25 mm for serviceability limit state. Besides this, it has
also been checked against ultimate limit state. The thickness of diaphragm walls has
been taken as 1000 mm for main station and 800 mm for entrances/shafts. To incor-
porate the varying nature of rock layer, two extreme cases have been considered,
namely Case 2a and Case 2b. In both the cases, minimum overlap of 2.5 m between
the D-Walls and the stitch walls has been considered for the connection. The details
are illustrated in Fig. 1.6. The crack width on the external and internal faces of the
1200-mm-thick stitch walls has been limited to 0.25 mm and 0.3 mm, respectively
[5]. Three-dimensional, (3D) cross-sectional view of the station showing connec-
tion between D-Wall with stich wall from Revit BIM [6] structural model is shown
Fig. 1.7.

Stability Analysis

The complete cut and cover station structure has been checked against flotation
considering water table at ground level. Toe stability has also been checked from
PLAXIS 2D model. Factors of safety for both flotation and toe stability have been
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Fig. 1.7 3D cross-sectional view of station from Revit BIM service model

found well within the limiting values. Toe stability factor curve from output envelop
of PLAXIS 2D model is shown Fig. 1.8.
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Discussion on Analysis and Results

As outcomes of model analysis, ground settlement, lateral deformation of diaphragm
walls, bending moments, and shear forces of diaphragm walls have been estimated.
Ground stability has been ensured by checking ground surface settlements with
respect to the limiting value. Ground settlement curve from output envelop of
PLAXIS 2D model is shown Fig. 1.9.

Horizontal deflection of diaphragm walls in different stages of excavation at
different depths of the diaphragm wall has been plotted. Stability and safety of adja-
cent structures have been ensured by checking deflection of diaphragm walls and by
performing a building damage assessment which is beyond the scope of this paper.
Figure 1.10 shows the sequential deflection curve of diaphragm wall for different
stages of excavation till final excavation level (FEL), strut levels, and slab levels.

Bending moment and shear force diagrams of diaphragm walls have been plotted
for different stages of excavation, backfill, and service condition. Structural rein-
forcement concrete design of diaphragm walls has been done with respect to the
envelop for different stages. Figure 1.11 shows the bending moment and shares force
envelop for different stages of excavation till final excavation level (FEL), strut levels,
and slab levels.
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Fig. 1.9 Ground settlements curve from PLAXIS 2D model

Conclusion

Construction of underground cut and cover box structure in mixed ground condi-
tion is quite difficult, uneconomical, and time consuming with current conventional
methods. The present case study describes an unconventional approach in design and
construction of underground cut and cover box structure in mixed ground condition.
Unconventional and innovative technical solutions many times save project from
long standstills.

Structural design of Thiruvanmiyur station which falls in mixed ground condition
of Chennai Metro Project Phase-II alignment corridor has been referred here. Due
to difficulty in excavating hard rock strata, an arrangement of shallow diaphragm
walls (terminated above base slab level) with shear pins embedded into rock strata
with stitch walls has been adopted. This arrangement reduces the requirement of
temporary earth retaining supports like soldier piles, secant piles, etc. Therefore,
it helps in saving time, manpower, and material costs of temporary earth retaining
supports.

Entire sequence of construction stages has been analyzed in finite element-based
numerical model for checking of structural design, stability, ground deformation, etc.
The present case study may be useful to the practicing engineers as a good reference
for similar situations and to simplify the design.



1 Incorporation of Surrounding Rock Layer Presence ... 11

Deflection (mm)

-20 -10 o 10 20 30 40 50
oo 7
| _ Decking Beam /
-1.0 r— VA
E1 Excavation | ——STNE1
-20 1
! —5TN 51
30 [
E2 Excavation
40 : STN E2
-5.0 : ———STN Cast roof slab
I
6.0 1 ——STNE3
I
274 ! —— STN cast concourse
! slab
0 ! —STNE4
" 1
=0 [ STN 52
.100 E3 Excavation
1 —5TN ES
-110 :
i ——STN ES-2
E 120 1
— 1 —— S5TN REMOVE 52
£ 130 i
& ' ——— BACKFILL 1
S 140 V[ [S1jstput
.15 | E4 Excavation j ——STN REM S1
-16.0 Backfill 2
ES Excavation
L e . .
ES Excavation-2
-18.0
L Base slab ]
-19.0

200 | E6 Excavation FEL

Fig. 1.10 Deflection of diaphragm wall for different stages of excavation at different depths



12 C. Sarkar et al.

Bending moment (kNm/m) Shear force (kNm/m)
N - o il i B0 400 o 400 80 100 600 00
ot I L1}
i Decking Beam - D By
I .. | . T N I, £1 Bxcavation |

 BEmaen

4
E2 Excavation I
n

bd
I

I

I
A
I

I

I

|

I

I

40

80 II' a0

a0 ——STN Left wall a0 ——5tn Left wall

| — FGmm@m— o min$é

- { —STN Left wall Stn Left wall

- | Max BM max 5F
T t <
3 / [ E™°
£ 10 ( ' £ a0
o I a
é o : $1strt & o

e, e A Lt e A e S

i
] a i N

9 B Baation N e Esf_ltl? !

o ¥ 1V 8 y i T 0 T

pg S Excavation-2 i ES Excavation -2

e s—) . ey —
150 5 Excavation FEL 190 E6 Excavation FEL
00

(A) Bending moment diagram of D-Walls (B) Shear force diagram of D-Walls

Fig. 1.11 Bending moment and shear force diagram of D-walls for different stages of excavation,
backfill, and service condition

Acknowledgements The authors acknowledge the support from the entire team involved in the
project of Chennai Metro Rail Corporation Corridor 3.

References

1. Singh B, Goel RK (2006) Hudson JA (ed) Tunnelling in weak rocks. Elsevier geo-engineering
book series, 1st ed, vol 5. Elsevier Science

2. Vanuvamalai A, Jaya KP (2018) Design analysis of an underground tunnel in Tamilnadu. Arch
Civ Eng 64(1):21-39. https://doi.org/10.2478/ace-2018-0002

3. Bentley Systems (2015) V8i SELECT series 6. STAAD.Pro. Retrieved from https://commun
ities.bentley.com/products/ram-staad/b/analysis_and_design_blog/posts/staad-pro-v8i-select
series-6

4. Bentley Systems (2019) PLAXIS 2D. Plaxis connect. Retrieved from https://communities.ben
tley.com/products/geotech-analysis/w/plaxis-soilvision-wiki/46022/plaxis-connect

5. Chennai Metro Railway Limited (2019) Design manual: structural—underground station
structures (Phase II corridor 3)

6. Autodesk (n.d.) Revit BIM. Retrieved from https://www.autodesk.in/products/revit/overview


https://doi.org/10.2478/ace-2018-0002
https://communities.bentley.com/products/ram-staad/b/analysis_and_design_blog/posts/staad-pro-v8i-selectseries-6
https://communities.bentley.com/products/ram-staad/b/analysis_and_design_blog/posts/staad-pro-v8i-selectseries-6
https://communities.bentley.com/products/ram-staad/b/analysis_and_design_blog/posts/staad-pro-v8i-selectseries-6
https://communities.bentley.com/products/geotech-analysis/w/plaxis-soilvision-wiki/46022/plaxis-connect
https://communities.bentley.com/products/geotech-analysis/w/plaxis-soilvision-wiki/46022/plaxis-connect
https://www.autodesk.in/products/revit/overview

Chapter 2 ®
Elastic—Perfectly Plastic Behavior oo
of Lower Siwalik Sandstones

D. V. Sarwade, Pankaj Kumar, K. K. Mishra, P. Senthil, and Hari Dev

Introduction

Direct shear test on rock mass is important, as they provide design parameters
required for civil structures founded on or constructed in rock mass. This method is
quite popular among practicing engineers for determination of cohesion and friction
angle of rock over rock and concrete over rock interfaces [1, 2]. Same rock type may
have significantly different shear strength parameters depending upon site-specific
geological characteristics [3, 4]. Hence, it is essential to conduct in-situ shear tests
to determine cohesion and friction angle of the rock mass. The kind of arrangements
for testing in drifts and open trenches has been discussed by some researchers, viz
Singh [1], Sarwade et al. [5], and Ramana et al. [6].

Peak and residual shear strengths of rock mass are evaluated by in-situ shear tests
on rock mass, as a function of normal stress to the sheared plane. The peak and
residual, cohesion ‘c’, and friction angle ‘d’ are determined by linear regression on
the respective normal stress versus shear stress plot. These values are used in stability
and numerical analysis of dam foundations and limit equilibrium analysis of slope
stability problems, etc. [7]. For conducting tests, the application of normal stress is
decided based on stress to be expected due to the proposed structure, subjected to
practical limitations.

While conducting the in-situ shear tests, normal stress is kept constant throughout
the test and shear stress is increased gradually to measure the displacement. As the
test continues, the shear stress reaches highest level which is considered to be peak
shear stress, and after that, the shear stress suddenly reduces (even after continuous
application of shear load) as the block starts moving. At the end of the test, the
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Fig. 2.1 Post-failure behavior of rock mass

shear stress remains same, which is considered to be residual shear stress. Hence,
from each shear test, peak and residual shear stresses are measured at the constant
normal stress [8]. However, in some cases, only peak shear stress is observed and it
remains at almost same stress level with continuous displacement and residual shear
stress cannot be distinguished, which is due to progressive failure or elastic—perfectly
plastic behavior of rock mass. Similar types of results were encountered in the past
study [9, 10]. Generally, rock mass can show three types of post-failure behavior,
viz. elastic-brittle, strain softening, and elastic—perfectly plastic as shown in Fig. 2.1
[11].

In this paper, a case study of progressive failure is observed for moderate to poorly
cemented sandstone of lower Siwalik. It is clearly evident from Fig. 2.1 that the
progressive failure or elastic—perfectly plastic behavior corresponds to poor quality
of rock masses, which means rock mass continues to deform at a constant stress
level.

Study Area

The proposed Adi Badri Dam Project envisages construction of 33.4 m high and
160 m long concrete gravity dam across Somb Nadi for revival of holy Sarasvati
River and a barrage and a pipeline of length 8.82 km. The impounded water shall be
carried through open channel/pipeline through gravity to the downstream artificial
reservoir to feed the water into Saraswati River. The catchment area of Adi Badri
Dam is 29.50 km?.

The project area falls under lower Siwalik, which are soft rocks having alternate
bedding of sandstone, siltstone, and clay stone. Rock mass exposed in the area is
highly to moderately jointed sandstone with bands of mudstone (1-10 m thick). The
attitudes of joints are varying due to warping and folding. The rock mass falls in
poor category, i.e., Class-IV as per RMR classification. The rock is classified as
fine to medium grained poorly to moderately cemented gray silty sand rock. The
permeability of rock mass is ranging from 10~ to 107 cm/s [12, 13].



2 Elastic—Perfectly Plastic Behavior of Lower Siwalik Sandstones 15

In-Situ Shear Testing

Two open trenches of 2.2 m width and 1.8 m depth with 9 m length each were
excavated parallel to the dam axis, of which one is excavated along dam axis and
another was excavated at 13.6 m upstream side of dam axis on left bank at riverbed
level (Fig. 2.2). Rock mass encountered in these trenches is sandstone. Five in-situ
shear tests on concrete over rock (CR) were conducted in the trench at dam axis, and
five in-situ shear tests on rock over rock (RR) were conducted in the trench located
13.6 m upstream side of dam axis on the left bank riverbed level of River Somb [14].

In-situ shear tests were conducted following the suggested methods by ISRM and
Indian Standards [15, 16] in open trench, and normal loading reaction was taken from
kentledge arrangement made of ISMB girders and sand bags. An innovative design
was made at site to arrange the ISMB girders in such a way that the dead load was
equally transferred on three testing blocks in single loading of gunny bags, meeting
the load requirements from top. The blocks and top reaction pads were kept parallel
to avoid eccentric normal loading, whereas side reaction pads toward upstream direc-
tion, concentric with blocks. Normal load was applied by 200 T capacity hydraulic
jack, and MS columns were used to make contact of jack with top reaction pad. Shear
load was applied by another hydraulic jack of same capacity placed between block
and side reaction pad, at an angle of 15° with the horizontal so that the line of action
of applied force should pass through the center of gravity of the test block. An angle
of 15° with the horizontal was achieved with the help of an arrangement made by two
specially designed wooden wedges. A typical sketch of equipment setup for testing
in open trenches is shown in Fig. 2.3. Photographs of test in progress are shown in
Fig. 2.4. Each block was tested at different normal stress but it was kept constant
during the test. The displacements of the blocks were measured with help of four
dial gauges in normal direction and three dial gauges in shear direction. Normal load
and shear load on the blocks were measured using load cum pressure gauges. The
readings of dial and pressure gauges were recorded up to failure and continued even
after the failure to obtain residual shear strength.

Fig. 2.2 Sketch showing of OPEN TRENCH AT 13.6 U/S OF DAM AXIS |
in-situ shear test locations | [
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Calculation and Interpretation

Normal stress and shear stress are calculated from normal load and shear load applied
during the test using equations Egs. 2.1 and 2.2:

P Py, cosa

X 2 (2.1)

Shear Stress, t =

P P2 + Pgsina
Normal Stress, o, = ZH = nd++ 2.2)

where P, = shear load applied, P; = shear load, P, = normal load, A = area of
sheared surface corrected to account for shear displacement, P,, = normal load
applied, and o = applied shear force at an angle 15°.

P, sinx is a reduction factor, applied to reduce normal load for each increment
of shear load in order to maintain the normal stress constant. The peak and residual
shear stress recorded at failure and after failure for each block is plotted against
the respective normal stress, and the best fit curve is plotted using linear regression
method. From the best fit curve (straight line), cohesion ‘c’ and friction angle ‘¢’ of
rock mass are calculated.

Rock Over Rock Interface (RR)

Five in-situ shear tests on rock over rock interface were conducted in the open trench
located 13.6 m upstream side of dam axis at riverbed level on left bank of River
Somb. The tests were conducted at applied normal force of 10, 15, 20, 30, and 40 T.
The test results of direct shear tests on RR interface are given in Table 2.1.

Shear stresses and shear displacement at respective normal stresses are plotted in
Fig. 2.5. The graph of shear stress against normal stress is used for deriving cohesion
(c) and friction angle (¢) is shown in Fig. 2.6. Photographs of overturned blocks are
shown in Fig. 2.7.

Table 2.1 Observation/findings of tests on rock over rock interface

RD | Sheared area, | Normal load, T | Shearload, T |Normal stress, | Shear stress, MPa
cm? MPa

3.0 |5349 10 14 0.18 0.25

4.0 | 5484 40 34 0.72 0.59

5.4 | 5465 20 26 0.36 0.45

6.6 |4878 30 34 0.60 0.66

8.0 |6103 15 12 0.24 0.19
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It is seen from Fig. 2.5 that there is no clear distinction between peak and residual
shear stress in all blocks except for test at RD 5.4 m, which is due to formation
of key/depression along the shear plane (Fig. 2.7). However, in other test blocks,
significant asperities/undulations/shear key/depressions along the shear plane were
not present. Therefore, the shear strength parameters in peak and residual are same.
During testing, it was observed that after reaching peak stress level, it remained
same even with the continuous application of shear load, and the block movement
was observed. This type of shearing can be termed as progressive shearing and
elastic—perfectly plastic behavior of rock mass as the rock mass continues to deform
at a constant stress. After overturning the blocks, actual sheared area is considered
for computation of shear stresses from the applied loads (Fig. 2.7).

All the test data have been considered for linear fitting to evaluate cohesion (c)
and friction angle (¢) of rock mass at dam site (Fig. 2.6), which were determined as
0.08 MPa and 39°, respectively.

Concrete Over Rock Interface (CR)

Five numbers of in-situ shear tests were conducted on concrete over rock interface
at the location of dam axis trench excavated on riverbed level at left bank of River
Somb. The tests were carried out at applied normal loads of 10, 15, 20, 30, and 40 T.

The test results of in-situ shear tests on concrete over rock interface are given in
Table 2.2. Shear stresses versus shear displacements at respective normal stresses
are plotted in Fig. 2.8. From the plots of shear stresses against respective normal
stresses, cohesion (c) and friction angle (¢) were derived as shown in Fig. 2.9. After
overturning sheared blocks, actual area was measured to compute stresses from
applied loads. Photographs of overturned blocks are shown in Fig. 2.10.

It is seen from Fig. 2.8 that there is no clear distinction between peak and residual
shear stress in all blocks except the test at RD 4.2 m, which is due to asperities and
undulation along the shear plane (Fig. 2.10). However, in other test blocks, significant
asperities/undulations/shear key/depressions along the shear plane were not present.
Therefore, the shear strength parameters in peak and residual are same and only peak

Table 2.2 Observations/findings of tests on concrete over rock interface

RD | Sheared surface, | Normal load, T | Shear load, T | Normal stress, | Shear stress, MPa
cm? MPa

1.1 4900 10 10 0.20 0.19

2.7 14900 15 12 0.30 0.23

4.2 | 4900 40 36 0.80 0.70

5.7 15220 30 34 0.56 0.62

7.2 14900 20 22 0.40 0.43
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values have been reported. This is a typical progressive shearing and elastic—perfectly
plastic behavior of rock mass.

All the test data have been considered for linear fitting to find out friction angle
(¢) and cohesion (c¢) of rock mass at dam site (Fig. 2.9), which are determined as 42°
and 0.02 MPa, respectively. Due to the nature of shearing behavior, the parameters
for peak and residual are same. Photograph of overturned CR blocks is shown in
Fig. 2.10, and it can be seen that the shearing has taken place along the concrete
interface.
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Fig. 2.10 Photographs of overturned sheared blocks of CR interface

Conclusion

In-situ shear tests were conducted at dam site of Adi Badri Dam Project across Somb
River for obtaining shear strength parameters. Five numbers of shear tests were
conducted on both the interfaces of rock over rock and concrete over rock, in the
open trench at the riverbed level. The tests were carried out at applied normal loads
10, 15, 20, 30, and 40 T.

The rock mass encountered in the open trenches at the dam site of Adi Badri is
moderate to poorly cemented sandstone of lower Siwaliks.

The cohesion (c) and friction angle (¢) for rock over rock interface were found
to be 0.08 MPa and 39°, respectively, whereas for concrete over rock interface
found to be 0.02 MPa and 42° as peak shear strength parameters. The residual
parameters for rock over rock as well as concrete over rock interface were not
distinguished.

In the present study, test results revealed progressive failure and elastic—perfectly
plastic behavior of rock mass, that means the rock mass continues to deform at a
constant stress level for both RR and CR blocks.

The shear strength parameters for peak and residual state are same for the
sandstone due to soft nature of rock mass and absence of significant asperi-
ties/undulations/shear key/depressions along the shear surface.
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Chapter 3 ®)
Effect of Volume Loss During Tunnel oo
Construction on the Ground Surface

Rahul Shakya and Manendra Singh

Introduction

Quick populace development in metropolitan regions has brought about a huge lack
of ground spaces for construction. To decrease surface traffic volume needs, tunnels
are constructed underneath the ground surface. There can be ground movements
and damage to existing buildings and other structures due to the construction of the
tunnel below the ground surface. It ought to be controlled to adequate levels. The
subsurface excavation occurs for the construction of the tunnel, due to which ground
movement occurs inward to the tunnel because of the expulsion of soil from the
tunnel segment. The volume of the completed void in every case is not exactly the
volume of eliminated soil. The volume of the finished void is always smaller than the
volume of removed soil. Therefore, volume loss occurs during the construction of
tunnel. The volume loss (V1)) is defined as the ratio of the extra volume of excavated
soil (AV) to the volume of finished void (A;) per unit length [1].

AV
Volume Loss(V,) =

t

* 100 3.1

Previous studies showed that the value of volume contraction mainly depends
on two factors. The initial one is geotechnical and topographical attributes of soil,
and the subsequent factor is the method of excavation. Numerous examinations have
been done around this problem, and the conclusion from the studies suggests that
the lower and higher value of volume contraction is 0.2% and 2%, respectively.

The volume loss can be defined with the help of three components, which include
face loss, tail loss, and shield loss. Formula for the total volume loss is given in
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Eq. 3.2 [1].
VL = Vrace + Vshield + Vil (3.2)

where Ve, Vail, and Vgpielq are the face loss, tail loss, and shield loss, respectively.
For the value of Vgye, Vi, and Vihield, Loganathan [2] gave the analytical
methods which are related with the empirical parameters and obtained from soil’s
properties. There are few restrictions of this solution since certain parameters are
reliant upon the observational values and are related to high uncertainty. The magni-
tude of volume loss, Vi depends primarily on the geotechnical properties of soil and
method of construction of tunnel. Peck [3], Cording and Hansmire [4], O’Reilly and
New [5], Attewell et al. [6], and Mair [7] have reviewed the value of volume loss from
tunneling projects. Clough and Schmidt [8] studied a tunnel in clay and suggested a
relationship, based on the closed-form solution of a cavity in linear elastic—perfectly
plastic conditions. According to a symposium submitted in London related to the
settlement of bored tunnels [9], the value of volume loss was generally between 1
and 2%, and in one case, it was observed as 3%. It was also observed that NATM
method was the most effective method for controlling the ground movement.

Problem Description

A typical section of DMRC (Delhi Metro Rail Corporation) has been considered for
analysis, which is situated on the yellow line, as shown in Fig. 3.1. The geometric
and other details of the problem have been obtained from Yadav [10] and have been
presented in Table 3.1.

The soil was obtained from the excavation of DMRC tunnels through the alluvium
deposits, known as Delhi silt. For the present study, the elastic modulus (E) of Delhi

Projected Section
of Delhi Metro

ROUTE MAP -
PHASE-1 & Il

INDIA

Fig. 3.1 Alignment plan for phase 1 and phase 2 of Delhi metro project [10]
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Table 3.1 Geometric and Properties Value

other details of tunnel [10] P
Diameter of tunnel 6.4m
Overburden depth 28.8 m
Thickness of RC liners 0.28 m
RC liner’s elastic modulus (E¢) 3.16 * 107 kPa
Poisson’s ratio 0.15

silt varied with depth according to the following relation [10].
E =1.2240.83(z) (3.3)

where z is the depth of the soil layer.

In-situ unit weight, ypyk, and saturated unit weight, y g, were found to be 18.33
kN/m? and 21.35 kN/m?, for the entire soil layer, respectively. No water table was
experienced. The value of Poisson’s ratio is 0.25. The value of cohesion has been
considered as zero, and the value of friction angle (¢) and dilation angle (i) is 35°
and 5°, respectively, for entire soil layer. The value of K depends on the friction angle
(K =1 — sin®). Friction angle was same for entire soil layer. Therefore, value of K
will remain same for the entire soil layer.

Numerical Modeling

For the simulation of problem, PLAXIS 2D software was used. Plane strain analysis
has been carried out. For the discretization of the domain of soil layer, 15-noded
triangular elements have been used. Horizontal domain of the soil should be greater
than the twenty times of diameter of tunnel [11]. Therefore, soil domain for the
current study has been taken as 128 m x 78 m. Figure 3.2 shows the geometry
of physical model. Some critical points of tunnel like crown, invert, and springing
points have also been depicted in Fig. 3.2. Elasto-plastic behavior of soil has been
simulated using MC (Mohr—Coulomb) yield criterion. Elastic behavior of tunnel has
been taken for both elastic and elasto-plastic analysis. In finite element mesh, the
nodes were restrained in the horizontal direction while in vertical direction remains
free to move, whereas the bottom boundary was restrained in horizontal as well as
in vertical direction also. Top boundary was free against the displacement in both
directions.
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Fig. 3.2 Geometry of physical model

Results and Discussion

Elastic Analysis

The ratio of final vertical stress after the construction of tunnel to the initial stress
before the construction of tunnel at any point surrounding the tunnel is known as
vertical stress concentration. Figure 3.3 shows the vertical stress concentration along
the horizontal axis of the tunnel. It can be observed that the vertical stress concen-
tration has the maximum value at r/a = 1, and after that, it starts to decrease up
to r/a = 4; thereafter, it becomes constant. From Fig. 3.3, it can be concluded that
vertical stress concentration increases with increase in volume loss especially near
the periphery of tunnel. The results have been compared with Terzaghi and Richart
[12] solutions, as shown in Fig. 3.3. It can also be concluded from Fig. 3.3 that
PLAXIS model has the same value of vertical stress concentration as Terzaghi and
Richart [12] for volume contraction of 2%. Therefore, for this site, volume loss of
2% should be taken for the elastic analysis.

Figure 3.4 depicts the vertical displacement along the transverse axis of the tunnel.
From Fig. 3.4, it can be noticed that vertical displacement was found to be maximum
near the tunnel. Vertical displacement has decreased with increase in the ratio of r/a
and becomes almost zero at r/a = 4.5. Results obtained by numerical analysis have
been compared with Pender’s closed-form solutions [13]. From Fig. 3.4, it can also
be stated that Pender’s solution overestimates the vertical displacement; therefore,
numerical analysis is very essential for analyzing the behavior of soil-tunnel system.

Table 3.2 represents the maximum horizontal displacement (Ux) and vertical
displacement (Uy) in soil as well as in tunnel for different values of volume contrac-
tion. It can be observed from Table 3.2 that the maximum displacement in soil remains
constant, whereas settlements in tunnel increase slightly with increase in the value
of volume contraction.
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Fig. 3.3 Vertical stress concentration along the transverse axis of the tunnel (where ‘a’ and ‘r’ are
the radius of the tunnel and radial distance along the axis of tunnel, respectively)
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Fig. 3.4 Vertical displacement along the horizontal axis of the tunnel

Elasto-Plastic Analysis

Figure 3.5 shows the variation of vertical stress concentration along the transverse
axis of the tunnel for the elasto-plastic behavior of soil. From Fig. 3.5, it can be
concluded that the soil nearby the tunnel entered into the plastic zone and the value
of vertical stress concentration drops down less than unity. The value of this stress
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Table 3.2 Maximum displacement in soil-tunnel system elastic behavior of soil

VL (%) Soil Tunnel

Ux (mm) Uy (mm) Ux (mm) Uy (mm)
0 19.31 66.39 18.99 67.59
0.5 19.31 66.39 19.37 67.95
1.0 19.31 66.39 19.75 68.32
2.0 19.31 66.39 20.5 69.04
3.0 19.31 66.39 21.34 69.77

ratio has increased to maximum value up to a certain distance from the tunnel, and this
distance is known as elasto-plastic radius. Beyond elasto-plastic radius, the value of
stress concentration started to decrease up to certain distance and thereafter becomes
constant at a distance. The vertical stress concentration has decreased with increase
in volume loss, as shown in Fig. 3.5. It can also be observed from Fig. 3.5 that for
the volume contraction of 3%, the stress concentration follows the trend with Bray’s
closed-form solutions [14]. Therefore for this site, volume loss of 3% should be taken
for the elasto-plastic analysis.

The values of maximum displacements in soil as well as in tunnel for different
values of volume contraction have been tabulated in Table 3.3. From Table 3.3, it
can be stated that the maximum displacements in soil and tunnel have increased
significantly with increase in volume loss.

—Vol.1% =—Vol.1.5% —Vol.2% Vol. 3% Bray's Solution(1967)

— — —

08

06

0.2

r/a

Fig. 3.5 Vertical stress concentration along the transverse axis of the tunnel for the elasto-plastic
behavior of the soil
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Table 3.3 Maximum displacement in soil-tunnel system for elasto-plastic behavior of soil

VL (%) Soil Tunnel
Ux (mm) Uy (mm) Ux (mm) Uy (mm)

1.0 8.6 56.97 17.21 56.06

1.5 13.11 60.46 20.16 60.27

2.0 21.66 63.67 25.01 64.43

3.0 38.53 70.79 38.52 72.08

1.0 8.6 56.97 17.21 56.06
Conclusion

From this study, the following outcomes were obtained.

1.

For elastic behavior of soil, vertical stress concentration has increased with
increase in volume loss. The results are well matched with Terzaghi and Richart
solutions for volume loss of 2%. Therefore, for this site, volume loss of 2%
should be taken for the elastic analysis and for elasto-plastic behavior of soil the
vertical stress concentration has decreased with increase in volume loss. For the
volume contraction of 3%, the stress concentration follows the trend with the
Bray’s closed-form solution.

For elastic behavior of soil, effect of volume loss on maximum displacement
in soil was negligible, whereas settlement in tunnel has increased slightly with
increase in the value of volume contraction, whereas for elasto-plastic behavior
of soil, maximum displacements in soil and in tunnel increased significantly with
increase in volume loss.
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Chapter 4 )
Crack Growth in Rocks with Pre-existing | <o
Flaws Subjected to Uniaxial and Biaxial
Compression

G. Sivakumar and V. B. Maji

Introduction

Rock mass generally exhibits discontinuities and is mostly seen in the upper earth
crust’s region which varies from micromillimeter to kilometer in length. Based on
the International Society for Rock Mechanics (ISRM), major types of disconti-
nuity observed in rock mass are faults, fractures/fissures, joints, bedding planes,
and cleavage. According to An et al. [1] in the field cases of massive rock slopes and
underground tunnels, the fracture is most commonly observed for non-persistence
fracture. Studies on fully persistence fractures are well defined by many literatures,
whereas the non-persistence fracture needs more study to understand their failure
mechanism. Slope failure observed in the field is discovered from complex interac-
tion between non-continuous fractures and brittle propagation through intact rock
(see Fig. 4.1a). In underground tunneling and mining, a new microlevel fractures are
expected to develop around the excavated portion (see Fig. 4.1b).

Researchers in the past decades attempted to study the behavior of newly devel-
oped cracks from pre-existing fractures by performing experimental and numerical
studies. Initial experimental studies are performed on a single flaw or double flaw
specimens having parallel configurations [3-9] on rock (Limestone, Marble, Sand-
stone) and rock like materials (Plaster of Paris, gypsum). Based on the observations,
tensile crack is the first primary crack observed from the flaw tips. The cracks were
observed to propagate in a stable manner toward the loading direction, making a
curvilinear path. Subsequently, shear cracks are observed as a shear zone near to the
flaw tip. The cracks are observed to be visible once the material is about to reach its
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Fig. 4.1 Common failure in rock mass due to presence of discontinuity: a landslide in Kinnaur
district (Himachal Pradesh) and b pillar fissure in United States [2]

peak limit, and the crack is observed to grow in an unstable manner after the peak.
There are also subsidiary cracks (far-field cracks, extension cracks) which depending
upon the material type, they may or may not influence the tensile/shear cracks for
material failure [8, 10—12]. The specimen is mostly observed to fail by fully devel-
oped wing crack under uniaxial compression. However, the studies were performed
when the flaw surface is considered as open, whereas in the field, the surface mostly
has narrow or closed flaw surfaces. According to Shen et al. [6] and Wong and Chau
[7], there will be friction that exhibits between the flaw surfaces for a narrow/closed
condition. The effect of friction alters the behavior of crack type and its propagation
when compared to open flaw configurations. Also, the growth of tensile crack was
observed to subside when subjected to lateral confinements. Experimental studies
under biaxial conditions [10, 13] reveal that in specimens observed, there is a reduc-
tion in the tensile crack and a more dominant presence of shear zone/crack influences
the material failure.

Therefore, in the present study, an attempt is made to study the behavior of crack
growth for a flaw having narrow condition when subjected to uniaxial and biaxial
conditions. Also, previous studies on specimens having double flaws were carried
out by considering parallel arrangements [6, 10]. Very limited studies are performed
to study the crack growth and coalescence between the two flaws having non-parallel
arrangement [12, 14]. Hence, a study for double flaws having non-parallel config-
uration is considered to understand the crack types and their coalescence nature
when subjected to uniaxial as well as biaxial loading conditions. Generally, the
crack initiation and their coalescence behaviour are easy to monitor if the prop-
agated cracks are stable. However around the material peak limit, the initiation
and coalescence path are difficult to observe from experimental studies. With the
advancement in numerical methods like Finite Element Method (FEM), Discrete



4 Crack Growth in Rocks with Pre-existing ... 33

Element Method (DEM), Hybrid Finite-Discrete Element Methods (FDEM), and
Displacement Discontinuity Method (DDM), the crack growth can be studied. For
realistic simulation of progressive failure of the discontinuity medium flaw through
the continuum medium intact rock, the Extended Finite Element Method (XFEM) is
most widely adopted. The model was used in conjunction with the Cohesive Zone
Model (CZM) by many researchers [11, 12, 15, 16]. Hence, the study is further
extended to numerical methods to study the systematic behavior of crack growth.

Experimental Study

From previous literature, it is understood that the material at a discontinuity flaw
angle of 45° is most favorable geometry, where the crack initiates sooner than the
other flaw angle [11, 12, 16]. For the present study, the geometry of the specimen
is carried with a single flaw of 45° angle and a double flaw having non parallel
configuration, where one flaw is horizontal and another flaw inclined at 45° angle.
The study was carried on both geometries to understand the crack growth behavior
under uniaxial and biaxial compression. Specimens are prepared using artificial rock
material gypsum, and the reason to adopt gypsum is making of narrow flaws and
geometrical arrangement is much easier.

Sample Preparation and Testing

The samples are prepared by mixing S-35 grade gypsum and Plaster of Paris at a ratio
of 3:1 in a dry state, and water is added at 35% of the total mix [12]. The specimens
are made into slurry once the gypsum is mixed with water and later transferred into
the mold for curing. For creating a narrow flaw, a metal shim of a very smooth surface
having a thickness of 0.1 mm is used. The specimen is cured for 20-30 min, and
then, the metal shim is removed when the gypsum is still in semi-solid condition
and kept for curing in an oven for 24 h at 40 °C. After oven drying, the specimen
is kept at room temperature for complete curing for four days. Testing is carried out
after 5 days of complete curing. The physio-mechanical properties of the material
are determined as per ISRM suggested methods (see Table 4.1).

The dimensions of the specimens for uniaxial compression are 76.2 mm (width)
X 152.4 mm (height) x 30 mm (thick) for a single flaw specimen (SF45U) (see
Fig. 4.2a). In the case of non-parallel flaw arrangement (NP45U), two metal shims
are used to create one horizontal and one inclined flaw underneath the horizontal flaw
(Fig. 4.2¢). For biaxial compression, the dimensions of the specimens changed into
125 mm (width) x 150 mm (height) x 30 mm (thick) for single (SF45B) and double
flaw specimens (NP45B) (see Fig. 4.2b, d). The increase in the width of the specimen
takes care of crack types not to get influenced by the effect of surface degradation at
sides due to lateral confinement [17].
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Table 4.1
Propert Val
Physio-mechanical properties Toperty aue
of gypsum Density, p (kg/m?) 1550
Young’s modulus, E (GPa) 1.037
Poisson’s ratio, v 0.39
Uniaxial compressive strength, o (MPa) 15.49
Tensile strength, oy (MPa) 1.11
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Fig. 4.2 Sample prepared for testing a SF45U, b SF45B, ¢ NP45U, and d NP45B

The prepared specimens will be tested using 500 kN uniaxial testing (UT)
compression machine available in Geotechnical Engineering Division, IIT Madras.
The testing is performed until it reaches its complete failure under a displacement
loading rate of 0.031 mm/min. The corresponding crack stresses at different stages
of its growth are monitored using a datalogger (see Fig. 4.3). In the case of biaxial
compression, the lateral confinement applied using air compressor and the spec-
imen is arranged in such a way that the material undergoes by plane stress condition
(see Fig. 4.4). The condition is achieved by modifying the conventional triaxial cell
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Fig. 4.4 a Modified triaxial setup for biaxial loading, b cross-sectional view, and c¢ front view of
specimen with center opening for monitoring the crack growth during testing [18]

(2000 kPa capacity). The confinements at two different levels 0.65 MPa and 1.24 MPa
and deviatoric loading are applied from the UT machine.

Experimental Results

Single flaw. The final failure patterns obtained for a single flaw under uniaxial and
biaxial compression are shown in Fig. 4.5. Specimens exhibit predominant tensile
failure at both side of the flaw tips when subjected to uniaxial loading during the initial
stages of the crack development. The tensile cracks (7T') are observed to initiate in
oblique direction to the flaw surface. The initiated cracks propagate in a stable manner
and orient toward the compressive loading direction, making a curvilinear path.
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Subsequently, shear crack (§) appears in the coplanar direction from the flaw surface.
The crack extends in length almost half width of the flaw surface. When the material
reaches its peak limit, the growth of wing crack subsides, whereas the propagated
coplanar gets deviated and extends (Ext) in a direction parallel to wing crack. The
crack gets extended in an unstable manner at an angle of 55° and propagates toward
the material boundary causing ultimate material failure. Due to narrow flaw aperture,
the surface gets closed and experiences slippage at the time of crack initiation. The
slippage at the crack tip further induces higher stress concentration at the tip, leading
to subsequent spalling in the flaw surface (see Fig. 4.5).

The failure of the specimen under biaxial compression is mostly affected by the
tensile crack of wing propagation. The increase in the ratio between width of the
specimen to flaw length causes the material to not exhibit shear cracks. The initiated
wing crack will attain a curvilinear path and propagate directly toward the direction of
major compressive loading. Also, the cracks do not get influenced by the presence of
the external far-field cracks (F) unlike in uniaxial compression. The effect of lateral
confinement affects the propagation direction of tensile crack. The path was found
to slightly deviate away from the major compressive direction and tends toward the
lateral confinement direction, when the confinement increases. Figure 4.6 shows the
tensile crack initiation and peak stress observed for different confinement levels. Both
crack initiation stress and peak stress were observed to increase with the increase in
confinement. And the difference between these two stresses becomes narrow with
an increase in confinement.

Double flaw. Figure 4.7 shows the final failure patterns observed for double flaw
specimens with confinements of 0, 0.65, and 1.24 MPa. The tensile crack from the
horizontal flaw was observed to initiate oblique to the flaw surface, irrespective of
the confinements. For a uniaxial condition (0 Mpa), the first crack of tensile nature
(T) is observed from the inner tip of the inclined flaw which propagates toward
the horizontal flaw forming coalescence. Simultaneously, another tensile crack is
observed from outer tip of the horizontal flaw. With further loading, the propagated
crack moves toward the right tip of the horizontal flaw and meets the horizontal
flaw. At the coalescence stage, a new tensile crack is observed from left tip of the
horizontal flaw. Also, a shear crack (S) is observed from outer tip of the inclined
flaw. The wing crack propagation was found to orient toward the loading direction

6.=0MPa 6.=0.65 MPa Gc=1.24 MPa

Fig. 4.5 The observed failure pattern for single flaw specimens subjected to a uniaxial compression
(0 MPa) and biaxial compression, b 0.65 MPa, and ¢ 1.24 MPa confinements
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reaching its material strength, whereas the initiated shear crack was observed to
propagate toward horizontal boundary. Additional subsidiary crack (F' and Ext) is
observed from the developed crack after peak stress. The shear crack was found to
extend (Ext) in the direction of loading and later toward the far-field cracks (F) from
the boundary.

In case of biaxial compression, the tensile crack is first observed from the outer tip
of the inclined flaw. The observed crack from outer tip of the inclined and horizontal
flaws was found to be propagating toward the direction of major compressive loading
direction for 0.65 MPa confinement. However, for 1.24 MPa confinement loading,
the direction of the tensile crack from the horizontal flaw was found to deviate away
from the major loading direction. The coalescence between the inclined flaw and
horizontal flaw is generally formed by the propagation of the tensile crack from
inner tip of the inclined flaw in both uniaxial and biaxial compression. In uniaxial
compression, additional coalescence which may be shear nature is observed forming
between the horizontal flaw at its right tip and the inclined flaw at its outer tip.
For biaxial compression, coalescence is observed forming between the inner tip of

oc=0.65 MPa Gc=1.24 MPa

Fig. 4.7 The observed failure pattern for double flaw specimens subjected to a uniaxial compression
(0 MPa) and biaxial compression, b 0.65 MPa, and ¢ 1.24 MPa confinements
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the inclined flaw which later propagates and forms linkage with a horizontal flaw
but toward the mid-section of the flaw surface. The shear cracks are observed from
the horizontal flaw at left tip for biaxial condition due to higher compressive stress
concentration. Due to this concentration, a spalling is observed at that region for
0.65 MPa confinement along with shear crack. For higher confinement 1.24 MPa,
the shear cracks extend relatively more length compared to lower confinements.
However, the crack growth dissipates before reaching the specimen boundary and
the material failure does get influenced by propagated tensile cracks.

The behavior of crack stress at initiation (due to tensile crack), coalescence,
and peak with respect to different confinements (0, 0.65, and 1.24 MPa) is shown
in Fig. 4.8. The crack stresses were observed to initiate with an increase in
lateral confinement. The coalescence stress is observed after tensile crack initiation
stress, subsequently followed by peak stress. In case of higher confinement loading
(1.24 MPa), the crack and coalescence stress becomes closer to the peak stress with
an increase in flaw angle.

Numerical Study

For the present study, the numerical model is carried out as two-dimensional problems
by considering plane stress state conditions. The type of the element used for this
model is CPS4R, a 4-node bilinear plane stress quadrilateral, and is solved using
reduced integration method. The analysis is carried out in dynamic implicit quasi-
static procedure, and the corresponding mesh is shown in Fig. 4.9. The size of the
element is chosen based on mesh optimization study. The dimension of the model for
the single and non-parallel double flaw is kept analogous to the experimental study
(see Fig. 4.9). The boundary conditions of the model are made in accordance with
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(b)

(d)

Fig. 4.9 Geometry of the specimen a SF45U, b SF45B, ¢ NP45U, and d NP45B

the laboratory tests, where the loading is applied at the bottom end with a loading
rate of 0.031 mm/min as applied during laboratory studies. The top end is restrained
in the y direction and the movement in the x direction is not restricted so as to allow
free crack propagation.

Material Model and Input Parameters

In the present study, the numerical analysis considers the discontinuity in a continuum
medium where the rock is expected to behave in elasto-plastic manner. Cohesive
Zone Model (CZM) is adopted to model the discontinuity which could be used in
conjunction with elastic—plastic model. The model follows the concept of fracture
mechanics, where damage evolution around discontinuity (pre-existing flaw) after
crack initiation is studied [11, 12, 15, 16]. The adopted model is combined with
XFEM approach using FE tool “ABAQUS”, where the mesh refinement around
existing discontinuity can be avoided. Table 4.2 shows the list of material input
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gﬁ?:ieoé—';rzlechanical properties Property Value

of gypsum [12] Young’s modulus, E (GPa) 1.037
Poisson’s ratio, v 0.39
Tensile strength, o (MPa) 1.11
Tensile stress for mode I (MPa) 1.087
Shear stress for mode II (MPa) 1.56
Relative displacement under mixed mode (um) |8
Kinetic friction coefficient 0.28
Penalty stiffness (GPa/m) 1.037 x 10%

parameters used in the numerical model. The basic physio-mechanical properties
are adopted from the experimental studies based on Table 4.1. The determination of
CZM parameters for gypsum material is found from the fracture toughness test (see
Table 4.2). The toughness test is carried out under two different modes (mode I and
mode II), where the crack tip stresses and damage evolution after crack initiation
are calculated [12]. CZM assumes the kinetic friction coefficient [11, 12] across the
discontinuity that governs both tangential and normal behavior when it undergoes
slipping after reaching its threshold limit. In addition, contact stiffness or penalty
contact (K ) is used to ensure there is no penetration between two elements at the
flaw surface. As per Mahabadi et al. [19], the value of stiffness generally lies in the
range from 1 to 1000 times of the Young’s modulus (E), and for the present study,
the value is taken as 100 times of Young’s modulus (E) based on back analysis [12].

Numerical Results

Single flaw. The failure pattern observed in the numerical analyses on a single flaw
under different confinements is shown in Fig. 4.10. From the numerical analysis,
the growth of the tensile crack is clearly seen to propagate from the flaw tips to
the material boundary. The specimens did not have significant subsidiary cracks in
model, and the ultimate failure of the specimen is influenced by the fully developed
tensile crack. The visibility of the shear crack is not observed in the numerical
model. However, based on the maximum principal stress (Smax) contour, the possible
formation of shear crack can be seen in low strength material by very thin line band
close to the flaw tip. According to the stress contour, these band in yellow where
possible movement due to shearing can be expected. These shear bands were observed
to appear along with the wing crack, and their growth subsides within the material
boundary.

The initiated tensile crack under biaxial compression propagates toward the direc-
tion of major compressive loading direction under both confinements. However, there
is a little deviation of the propagated path which slightly seems to orient away from
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Fig. 4.10 Failure pattern observed from Smax stress contour in ABAQUS for gypsum under
different confinements of single flaw angle specimen

that path with an increase in confinement. Based on Smax contour, compared to
uniaxial compression, a much pronounced tensile nature band is observed in quasi-
coplanar direction from the flaw surface. From experiment observation, the shear
crack is developed and observed to be propagating due to the effect of confinement.
Due to lateral confinement, the stress concentration on the flaw surface is higher
compared to uniaxial condition. This causes a higher stress to initiate the sliding
between the flaw surfaces. Thus, higher crack initiation stress is observed compared
to uniaxial compression (Fig. 4.11). Formation of shear band is observed at the same
stress level of tensile crack initiation according to Smax stress contour. However,
under 1.24 MPa confinement, the shear stress is relatively observed prior to tensile
crack when compared to other lower confinement. Similar to the experimental study,
the difference between the peak stress and crack initiation stresses reduced with an
increase in confinements.
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Double flaw. The failure pattern observed for non-parallel double flaws is repre-
sented in Fig. 4.12 for different confinements. The sequence of the formation of
the tensile cracks was clearly identified in the numerical analysis. Under uniaxial
compression, the initial formation of tensile cracks is observed from the inclined
flaw at the both tips. Similar to the experiments, the initiated tensile crack from the
inner tip of the inclined flaw propagates toward the horizontal flaw which leads to
formation of tensile nature coalescence. A slight difference in position of coalescence
with respect to the horizontal flaw is observed in the model. The position of coales-
cence is toward the midportion of the horizontal flaw where initiated wing crack from
inner tip of inclined flaw less curvilinear compared to experiments. Based on Smax,
the formation of thin red band is observed for NP45 model between the right tip of
the horizontal and outer tip of the inclined flaw. According to the contour, the red
color indicates material exceeding the tensile value and is analogous to experiments.
This additional coalescence is observed to be in tensile nature. After coalescence,
a new wing crack from horizontal flaw appears from either the left or right tip or
mixed of both. The initiated wing crack along with outer tip of the horizontal flaw
propagates toward the loading direction.

In case of biaxial compression, the tensile crack growth is limited within the mate-
rial boundary and the length of propagated crack becomes smaller with the increase
in confinement. Based on maximum principal stress contour, a heavy stress concen-
tration of high compressibility is observed at horizontal flaw tips. Also, a thin band
formation between inner tip of the inclined and the horizontal flaw which represents
the possible formation of crack is observed from the experiment study. The tensile
crack propagated from the horizontal flaw clearly shows the deviation of propagation
path from major principal loading direction particularly in 1.24 confinement.

The crack initiation stress due to tensile and shear crack together with coalescence
and peak stress is shown in Fig. 4.13. The numerical model could differentiate the
coalescence stress corresponding to tensile crack and shear crack from Smax stress
contour. Similar to the single flaw configuration, the shear crack is observed to
initiate at the same stress level of tensile crack. However, when lateral confinement

Gc=0MPa Gc=0.65 MPa Gc=1.24 MPa

Fig. 4.12 Failure pattern observed from Smax stress contour in ABAQUS for gypsum under
different confinements for non-parallel double flaw angle specimen
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Fig. 4.13 a Crack initiation (tensile and shear) and b coalescence stresses (tensile and shear)
compared with peak stress under different confinements for double flaw specimens

is applied, the shear crack appears prior to tensile crack. The coalescence stress due
to tensile crack from the inner tip of the inclined flaw and horizontal flaw is prior
to second coalescence. The secondary coalescence is observed between the right
tip of horizontal flaw to the outer tip of the inclined flaw. However, for 1.24 MPa,
the difference between these two coalescence stresses becomes narrow and appears
closer to peak stress.

Summary and Conclusion

The crack growth behavior and its failure pattern are studied for a flaw having narrow
flaw configuration on single and double flaw arrangements. The experimental study
is conducted on both uniaxial and biaxial loading conditions at a flaw angle of 45°.
Subsequently, numerical analysis is performed to predict the initiation and coales-
cence based on tensile and shear crack based on maximum principal stress contour.
Based on observation for a single flaw specimen, the following conclusions are
drawn:

e The tensile crack and shear crack are observed to initiate at the same level.
However, with the increase in confinement, the shear crack is observed prior
to tensile crack.

e The direction of tensile crack propagation path was found to be deviating away
from major loading direction with an increase in lateral confinement. This
phenomenon was clearly observed for the double flaw specimen on horizontal
flaw.

e The length of tensile crack is limited within the material boundary for lateral
confinement. Also, the coalescence due to tensile and shear crack was observed
to initiate closer to the material peak with increase in confinement.
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The present study is limited to the single flaw angle since the scope is to understand

the crack growth under different uniaxial and biaxial loading configurations. The
behavior of crack propagation and failure can be studied by extending for other flaw
angles with further new geometrical arrangements. Thus, by understanding the crack
growth and its stress behavior, one could successfully model the safe and economic
design for rock mass having severe discontinuities.
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Chapter 5 ®
Parametric Study on the Performance oo
of Temporary Secant Pile Wall

V. J. Gowthaman and C. Anburaj

Introduction

With the development of metropolis and rapid increase in urbanization in growing
cities is witnessed however land constraints in the urbanized cities, the construction
of infrastructure is challenge task. In these cases, underground stations and under-
ground tunnels are appropriate method to establish the connectivity across the city.
Temporary and permanent retaining systems are widely used for the construction of
underground metro stations. Secant pile wall is the one of the deep excavation system
used in all types of deep excavation work. Secant pile wall consists of primary and
secondary pile interlocking each other at desired distance. The primary piles are
unreinforced PCC concrete piles which are initially bored into the soil, typically
0.8-1.0 m in diameter with minimum strength of concrete. Secondary piles are rein-
forced concrete piles which are bored overlapping with primary piles in the design
interlocking distance. Due to overlapping, secant piles can provide watertight reten-
tion system compared to other retaining system like contiguous pile, soldier pile,
etc.

Secant piles can be broadly categorized into three categories [1] as Hard/Soft
secant pile in which the primary piles are generally soft pile with cement or cement
with bentonite content or sand with bentonite and secondary piles are reinforced
concrete piles. Hard/Firm secant pile consists of primary piles of unreinforced
concrete in which the secondary piles are installed with interlock. Hard/Hard secant
piles are both the primary and secondary piles that are reinforced with full-strength
concrete. The detailing of primary pile reinforcement should be planned properly and
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Fig. 5.3 Hard/Hard secant pile

to be placed into the ground to avoid cutting the reinforcement while execution of
secondary pile (reinforced concrete pile). Figures 5.1, 5.2 and 5.3 show the different
types of secant piles classified by CIRIA 760 guidelines.

Parameters Influencing the Secant Piles

The purpose of this study is to understand the behavior of secant pile by varying the
parameters like diameter of piles, overlapping distance of primary and secondary
pile, concrete compressive strength of piles, drained and undrained condition of soil,
and support configurations. The analysis has been carried using WALLAP software,
a 2-dimensional finite element model program, by changing the parameters.
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Diameter of Pile

Diameter of primary and secondary piles is one of the influencing factors which
changes the structural stiffness of the secant pile system. In this paper, the diameter
of 800, 1000, and 1200 mm is considered for the analysis.

Overlapping Distance of Primary and Secondary Pile

The interlocking distance of primary and secondary secant piles is considered as
per CIRIA. The guidelines for selection of minimum cut and spacing required for
primary and secondary secant piles shall be obtained from Nomogram provided by
CIRIA. Overlapping of 125, 200, and 300 mm is considered in this research study.

Material of Pile (Grade of Concrete)

Material of pile is also one of the affecting factors in terms of stability of secant
pile wall. The grade of concrete mainly provides the stability to internal structural
concrete. In the case of deep excavation, grade of concrete plays a vital role providing
structural stiffness to the wall. Hence, grade of concrete M30, M40, and M50 is
considered for the analysis.

Drained and Undrained Condition of Soil

Long-term and short-term parameters are considered for analysis which is a main
factor that affects the stability of secant pile wall, two types of drainage conditions.
For clay soils, long-term analysis has been done with effective stress parameters and
short-term analysis with total stress parameters.

Support Configuration (Strut or Anchor)

Analysis has been done with two forms of support system—©6 levels of struts (NPB
Section) and 3 levels of struts with 3 levels of ground anchors (150 mm diameter).
The support levels are considered at same levels; however, the construction stages
are varied based on the type of supports. The typical WALLAP model with support
system at final excavation stage considered in this research is shown in Fig. 5.4, and
WALLAP model—finite element boundary conditions is presented in Fig. 5.5.
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Soil and Wall Properties

The soil and wall properties considered for the analysis are mentioned in Tables 5.1
and 5.2.

Results and Discussion

This paper provides the analysis results of wall deflection of secant pile wall with
pile length of 27.59 m with depth of excavation about 20.59 m from the ground level.
The analysis has been done with variation of parameters, and the effect of temporary
secant pile wall is studied.

Figure 5.6 shows wall deflection of secant pile wall with various pile diameters.
The lateral displacement of the pile is higher at approximately 4-5 m above the finale
excavation level. Lateral deflection of the wall decreases from 60 mm to by varying
the secant pile diameter from 0.8 m to 1.2 m.

Figure 5.7 shows the comparison of results in terms of wall displacement with
overlapping criteria of primary and secondary piles. As the interlocking distance
increases, the stability of the secant pile also increases. However, the effect of varying
the overlapping distance is not significant in the analysis, even though in terms of
construction aspects, it prevents the water seepage and washing out of fines toward
the excavation side.

Figures 5.8, 5.9, and 5.10 show the secant pile wall with drainage conditions
as well as grade of concrete. Figure 5.10 shows the results of analysis done with
different supporting systems. Support system 1 consists of 6 numbers of struts with
approximately 4.5-5 m vertical spacing. Support system 2 which is a hybrid system
comprises 3 struts with 3 anchors. The secant pile wall with strut support influences
the maximum lateral displacement when compared with combined strut and anchor
configuration since the strut support system erection and dismantling procedures are
considered in the analysis. The removal stage of strut in both bottom-up and top-down
construction shows the large variation in bending moment and lateral displacement.
In the other side, placing the anchor in the last three rows provides the stability up
to distressing of anchors even while constructing the permanent structures.

Summary

The summary of the parametric analysis on the secant pile wall using finite element
analysis is mentioned below.

(1) By increasing the diameter of secant pile from 0.8 to 1.0 m which provides
the result with wall displacement is decreases by 25% decrease, and increase
in the diameter from 0.8 to 1.2 m decreases the displacement by 36%. This



V. J. Gowthaman and C. Anburaj

50

(ND—S1NS31 389) [BIXELN) SI[NSA 1S9} AI0JLIOCR] WOLJ PIUTEIGO e sIjourered YiSuans 1esys

or - - - pautelq w/edN 8¢ + 9€1 89 G8l }d01)Jos 0—9¢
€C Sl - - paurelq | w/edN 8°¢ + €18 99 ¢8l oS 9¢-1¢
8¢ - - - paureiq | w/edN 8°¢ + 719 94 81 NS 12691
%S¢ %1C 81 [43 pouteipun) w/edN 8°¢ + 0€ 61 S8l | TNIN/TO S9I=C'L
xVC x9¢ 81 [43 pautelpuf) w/edN 8¢ + 11 9 S8l | TNIN/TO §'L=6T
8¢ - - - - - - - A ¢
(o) (o) JorAeyaq

o @D ,O| "®| (eDnD|  [eusew jo adAL, (BdIN) "7 (10) 7| 1dS 9Se1oar/usisoq (/N> Ansuoq adfyerens | (w) pdoq

sisATeue oy ur paropisuod santedoid [0S [°S d[qel,



5 Parametric Study on the Performance of Temporary Secant Pile Wall

Table 5.2 Wall properties considered in the analysis

51

Type of Pile diameter | Pile length | Young’s Moment of EI per unit
structure (m) (m) modulus of inertia per unit | length of wall
wall (kN/m?) | length of wall | (kN-m?/m)
(m*/m run)
Fully 0.8 27.59 2.7386 x 107 | 0.014893 407,871
embedded
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Fig. 5.6 Wall deflection with respect to variation in diameter
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(@)

reduction in displacement was due to increase in the diameter which increases
the stiffness modulus of the wall with larger area to act as rigid member.
Secant pile wall with composite/hybrid supporting systems, i.e., 3 levels of
struts and 3 levels of anchor, is more effective than the supporting system with
6 levels of struts. Providing addition of anchors to the strut system eases the
construction sequence to build the permanent structures and can afford strength
to the secant pile wall up to the complete construction of permanent structure.
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(3) Based on the analysis results, by increasing the interlock distance of primary
and secondary piles, the wall deflection is decreased. However, the effect of
overlapping distance is found that it is not significant in this analysis.

(4) Casting the secant pile wall with higher grade of concrete provides more stiffness
to the secant pile wall and ultimately increases internal structural stability.

(5) The wall deflection is observed more on the undrained condition than the drained
condition.

Conclusion

After doing the sensitivity analysis on the secant pile wall based on the numerical
analysis with WALLAP results by changing the parameters like varying the pile
diameter, interlocking distance, material of pile, subsoil condition and support system
which affects the serviceability of the secant pile wall. Especially, soil drainage
conditions played a vital role in restricting the wall deflections of secant pile wall.
It was demonstrated that to adopt the economical retaining system for underground
metro projects, a complete parametric analysis is required to limit the wall deflection.
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Chapter 6 )
Numerical Analysis of Ground oo
Settlement Induced by Shallow Tunnels

R. Rajaraman and Gundeti Sumanth Kumar

Introduction

Metro projects play a significant role in the present phase urbanization and increasing
demand of traffic free transportation. Metro projects are normally shallow tunnel
which in turn is a challenging task. Due to poor geological conditions and constrained
conditions of urban environment, it is challenging to limit the settlement to ensure
safety during construction activity. Settlement of ground is an important de sign
aspect to be considered in shallow tunneling. Settlement is a form of surface distur-
bance caused by tunnel construction. In greenfield conditions, estimation of settle-
ment is of least significance since there would not be any significant structures
present. In urban tunneling, accurate estimation and prediction are of utmost priority
to ensure safety of structures on the ground surface.

Characteristics of Ground Settlement

Settlement Causes

The main causes of ground settlement are elaborated in the present section.
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Groundwater Lowering

During tunnel construction, water table may get lowered. Sometimes, during
construction, tunnel itself may act as a drain. This causes effective stress to be
increased within ground. Ground settlement estimation needs application of theo-
ries of soil mechanics. Settlement is treated generally as an elastic phenomenon
in granular soil. For fine grained soils, settlement is analyzed by the conventional
consolidation theories.

Ground Losses

Ground loss is defined as additional loss of ground than the total volume of tunnel.
The magnitude of ground loss depends upon the adopted methodology followed for
construction.

There are 3 types of ground losses, i.e., face loss, shield loss, and tail loss. Mechan-
ical excavation causes face losses to occur during movement of the ground toward
the shield. The culmination of this happens in the form of running, flowing, caving,
squeezing, etc. Shield losses are defined as losses between cutter edge of shields and
tail. Similarly, the loss resulted from the space created by the tail. Tail losses are
similar to shield losses, in which the losses are caused by the tail itself and the space
between the tail and the support system.

Parameters or Factors Affecting Settlement Calculation

Settlement calculation in soft ground tunneling is just an estimate. The uncertainties
in geotechnical conditions make settlement calculation very complicated. Ground
loss of 0.5-1.0% would be achieved by an experienced contractor and a novice
contractor would attain 1.0-2.0% loss. General correlation between volume loss and
nature of ground is given in Table 6.1.

Table 6.1 Volume loss values for various cases of tunneling [1]

Nature of ground VL (%)
In firm ground, proper control of face pressure in slowly raveling or squeezing ground | 0.5
Slowly raveling/squeezing ground 1.0
Raveling ground 2.0
Poor ground 3.0

Running ground >4.0
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Analysis
Empirical Analysis

During tunneling, relationship between the volume of ground loss and predicted
settlement at the ground surface is available in Peck [2]. In soft ground conditions,
surface settlement volume is typically assumed equal to the volume of lost ground.
Settlement trough at the ground surface is formed due to ground loss. This can
potentially impact any overlying structures or buried utilities parallel to the alignment
of the tunnel excavation. The shape of settlement trough is similar to shape of an
inverse Gaussian curve (Fig. 6.1).

Surface settlement trough above an advancing urban tunnel is indicatively
presented in Fig. 6.2.

Excavation method, depth of tunnel, diameter of tunnel, and geotechnical condi-
tions determine shape and magnitude of the settlement trough. Ground settlement
due to tunneling is generally estimated by an analytical method proposed by Attewell
et al. [4] and Rankin [3]. This method is similar to the method proposed by O’Reilly
and New [5]. The settlement profile at the ground surface in transverse direction well
before the tunnel face is shown in Fig. 6.3.

Settlement of a point which is at a distance of ‘y’ is expressed as

2
-y
SU = Smax exp<?>

Settlement Trough Width R Original

| : Ground Level

r

Settlement Profile

Fig. 6.1 Settlement profile due to tunneling in soft ground [3]
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Extent ofsurface
settlement trough

Transverse direction
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Paint of Inflection
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Hogging

where

S'max 1S maximum settlement

V—settlement trough volume/m of tunnel advance (% of theoretical volume V')
i is the parameter for trough width (i = k.zo,’k’ a dimensionless constant)
zo—depth of tunnel axis below the ground surface.
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k value depends upon soil type and has been considered as 0.3—0.5 in the present
analysis.

Numerical Analysis

Numerical analysis has been carried out by RS>—a finite element analysis to deter-
mine ground settlement. A plane strain analysis has been carried out by using RS?
model. Infinite length has been assumed in the out-of-plane direction. This implies
zero strain in the out-of-plane direction. Gaussian elimination method is used to solve
the system of equations in the model.

The depth of ground cover considered in design is actual depth from the ground
surface. At a depth z below the surface, ratio of average horizontal stress to vertical
stress (K) is defined by the following equation.

op = Ko, = Ky,

where

o, = Horizontal stress
K = in-situ stress ratio.

In-situ stress ratio of 0.5 is considered for this analysis. Analysis has been
performed corresponding to various cases of overburden height and size of tunnel.
The values of settlement of ground corresponding to 0.5% volume loss have been
compared with those settlements estimated by empirical methods.

This has been achieved by gradually reducing the magnitude of the internal pres-
sure inside the tunnel. The final internal pressure corresponding to 0.5% volume loss
has been used for comparative analysis. Settlement troughs for various cases have
also been observed.

Typical model considered for analysis is given in Fig. 6.4.

O

Fig. 6.4 Numerical model used for analysis
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Results and Discussion

Comparative results between empirical analysis and numerical analysis are presented
in Tables 6.2 and 6.3.

Maximum values for ground settlement have been obtained for £ value of 0.3
(Figs. 6.5, 6.6, 6.7, 6.8, 6.9 and 6.10).

Results of numerical analysis are presented in Table 6.4.

Table 6.2 Ground settlement results using empirical analysis with k = 0.3

SI. No. Depth of cover (m) Diameter of tunnel (m)/settlement (mm)
4 6 8 10
5 12.5 28.17 50.08 -
2 10 6.2 14.09 25.04 39.13
15 4 9.4 16.69 26.08

Table 6.3 Ground settlement results using empirical analysis with k = 0.5

S. No. Depth of cover (m) Diameter of tunnel (m)/settlement (mm)
4 6 8 10
5 10 22.5 40.06 -
2 10 5 11.2 20.03 31.3
15 3.34 7.5 13.35 20.87
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Fig. 6.5 Settlement analysis for tunnel dia =4 m
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Fig. 6.6 Settlement analysis for tunnel dia = 6 m
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Fig. 6.7 Settlement analysis for tunnel dia =8 m

Fig. 6.8 Typical settlement trough from numerical analysis at tunnel depth =5 m
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Fig. 6.9 Typical settlement trough from numerical analysis at tunnel depth = 10 m
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Fig. 6.10 Typical settlement trough from numerical analysis at tunnel depth = 15 m
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Table 6.4 Ground settlement results using numerical analysis

SI. No. Depth of cover (m) Diameter of tunnel (m)/settlement (mm)
4 6 8 10
5 7.2 19.5 39.2 -
2 10 4.5 9.2 16.5 26.3
15 2.5 59 9.9 16.9

Table 6.5 Results of

. S. No. | Description Parameter
settlement analysis for a
metro station 1 Tunnel diameter 6.72 m
2 Shallowest overburden 336m
3 Volume loss 1%
4 Ground settlement by empirical method | 30 mm
5 Ground settlement by numerical method |26 mm

Settlement Analysis for a Metro Project

Ground settlement due to tunneling has been estimated for a metro project in south
India using both empirical and numerical methods. Input parameters used for the
analysis are presented in Table 6.5.

Ground settlement as determined from empirical method matches with estimated
value from numerical modeling.

Conclusion

Ground settlement induced by machine tunneling for various tunnel diameters and
tunnel depth below ground level has been examined. In all the cases, results obtained
from numerical analysis are more or less matching with results obtained from
empirical analysis. Numerical analysis predicts settlement always on the lower side
compared with results from empirical analysis.

This paper only deals with tunneling through soil stratum. Trough width param-
eter used in empirical method (k) plays a crucial role in the determination of settle-
ment. The values of settlement are in close conformance with derived values using
numerical analysis when trough width parameter is 0.5.

Estimation of settlement trough has been estimated for various cases of tunnel
diameters and tunnel depth below ground level. Shape of settlement trough obtained
from numerical analysis matches with that obtained from empirical method except
for the shallowest case of tunneling (depth of tunnel is 5 m below ground level).
When tunnel is at 5 m below ground level, it has been found that settlement trough
is also characterized by a heaving part on both sides.
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Chapter 7
Seismic Assessment of Horseshoe-Shaped oo
Tunnel Using a Pseudo-Static Approach

Ambika Srivastav and Neelima Satyam

Introduction

India is endowed with an enormous amount of hydroelectric resources and places
fifth in terms of its accessible hydropotential in the world. Tunnels are the essential
component of any hydropower project. Tunnels provide a way of supplying services
for heavily urban areas, rail networks, and underground hydropower projects. Tunnels
are perceived to perform significantly better than surface structures during earth-
quakes, and their seismic ability increases with an increase in depth [1, 2]. Various
studies of earthquakes with an intensity greater than 0.2 g showed that significant
damage has occurred in tunnels owing to devastating earthquakes [3, 4]. Under-
ground structures in the earthquake-prone region have sustained impacts varying
from mild cracking to severe collapse. Recent events (Sikkim Earthquake, 2011)
challenged our understanding of the seismic design of underground structures in
seismically active regions. The majority of tunnels around the world have a concrete
liner. Earthquake causes the lining to collapse which can lead to subsequent disasters
with major implications. Hence, it is important to understand the seismic behavior of
the tunnels for the safe and reliable construction of any hydropower plant. Numerous
researchers have made a significant effort to understand the internal forces of tunnel
lining systems [5—7]. The literature review shows that the various studies mainly
focus on the static response of tunnel lining structures but the study of the dynamic
behavior is still a novel field for researchers. Zhao et al. studied the analytical bedding
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model that can predict the lining behavior of both shallow and deep tunnels reason-
ably. According to a study carried out by researcher [8], the percentage increases
in seismic axial force developed in the liner for a different quality of rock mass.
The seismic response of tunnel lining in expansive soil stratum is studied [9]. The
main concern during the tunnel design is the complex and weak geological sections.
Although these sections are just a few percent of the total length of the tunnel, these
few percent will greatly increase the construction time. Hence, to sustain the demand
for economical and sustainable underground hydropower projects, there is a critical
need for seismic design and analysis for such a section of the tunnel.

The goal of this research is to use a numerical technique to examine the influence
of earthquake loading on the tunnel lining during a seismic event for a hydropower
tunnel in India. A standard section of alow cover (70 m) rock tunnel situated in a weak
rock mass with design parameters (8.8 m diameter, horseshoe shape) was considered
for evaluation. The site is located in seismic zone V, which is a highly seismic
zone, according to India’s seismic zoning map (IS: 1893); hence, assessment of
tunnel stability under seismic conditions is essential. The rock mass within the tunnel
may be described using two different methodologies for this analysis, namely the
continuum and the interface continuum [10, 11]. For the static and seismic scenarios,
the results derived with each of these methodologies are analyzed and compared. The
pseudo-static technique is used for the analysis as it is based on empirical approaches
and has been commonly used for tunnel deformation analysis [12—15]. The sum of
a fixed body force that depicts earthquake movement using a static finite element
analysis is known as a pseudo-static analysis. The seismic reaction of tunnel lining
was inferred using a pseudo-static analytical technique owing to the difficulty of
replicating seismic activity in the laboratory. This research will provide some useful
references for hydropower tunnel seismic design.

Geological Details of Study Area

The Vishnugad Pipalkoti Hydroelectric Projectis ariver valley development initiative
in Uttarakhand’s Alaknanda Basin. This project would build a 65-m high diversion
dam near the village of Helong (79° 29’ 30” E and 30° 30’ 50” N), with a 2.5-km
long reservoir behind it. To generate 444 MW of energy, this water will be carried
over by 13.4 km tunnel.

Geological formations along the project formations comprise the formation of
Helong, the formation of Gulabkoti, and the formation of Pipalkoti [16]. The Helong
formation comprises low-grade metamorphic rocks like quartzite, quartz mica shist,
amphibolites, etc. The Pipalkoti sequence comprises an alternating sequence of
slates and dolomite limestone. The Gulabkoti formations are composed of rocks
like quartzites, dolomitic limestone, mylonite, and magnesites. The rock present at
the site is quartzite, dolomitic limestones, and slates.



7 Seismic Assessment of Horseshoe-Shaped Tunnel Using ... 67

Table 7.1 Geotechnical parameters of rock mass considered

Rock type | E; (GPa) GSI |m; |o;(MPa) |Cohesion (MPa) |Friction
Intact rock modulus
Slate 11 20 10 |101.5 0.314 45.82°

Table 7.2 GeoFechni.cal. . Joint details Dip Dip direction Spacing
parameters of discontinuities
considered FJ 30° N025° 30

J1 50° N190° 20

2 75° N265° 80

Geotechnical Details

Geotechnical investigations have been carried out to improve the rock mass classifi-
cation and facilitate the design of the support system for tunnels. The main objectives
of the geotechnical investigation are to classify different rocks and discontinuity and
to determine engineering properties through laboratory testing after that suitable
support system can be designed for tunnels. Due to complicated Himalayan struc-
tures, the rock mass rating was modified in the study area. Intact rock properties were
obtained through laboratory tests in compliance with International Society for Rock
Mechanics and Rock Engineering (ISRM) requirements. Rock samples collected
from the dam site and powerhouse area. Quartzite, dolomitic limestones, and slates
are predominant rock types found in the region. Since tunnels constructed in poor
rock mass are vulnerable to earthquakes, so numerical modeling has been considered
for the properties of Slates. The Q values for the rock mass near the power tunnel
location ranges from 3.44 to 6 which signifies the “poor” to “fair” quality of rock
mass.

The rock mass properties used for the analysis are presented in Table 7.1. Mohr—
Coulomb failure criterion was used to describe the behavior of the rock mass.

Rockmass comprises a continuous media of rock and discontinuities such as joints,
faults, and bedding planes. Table 7.2 outlines the structural details observed in slates.
Joint stiffness values were determined based on the analysis by Bandis et al. [17].
Representative stiffness values for three joint types are given in Table 7.3.

Methodology

The RS? was used to examine the effects of seismic stress on tunnel deformation.
Phase 2 is a 2D finite element stress analysis application that may be used to analyze
deep and shallow rock or soil excavations. A wide range of applications [18] include
rock support design, slope stability research of finite components, and ground water
seepage. In this work, the influence of seismic loading on the force created in the
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Table 7.3 Representative stiftness values for three joint types

Rock type Normal stiffness ky, Shear stiffness kg Cohesion Friction
(GPa/m) (GPa/m)

Fresh to slightly 3.6-22.7 0.25-2.36 0 40°

weathered

Moderately 4.3-22.5 0.25-2.36 0 40°

weathered

Weathered 23-4.7 0.56-1.35 0 40°

liner is assessed for both static and seismic situations. The seismic axial force is the
difference between the axial force during seismic loading and the axial force at the
same location under static loading. The impact of earthquakes on the tunnel lining
is described by this parameter.

The model’s dimension should be specified so that the external boundary restric-
tions do not impact the area surrounding the tunnel’s periphery. To reduce boundary
impacts, the model’s total dimension is kept 150 x 150 m. The grid consisted of
three-noded triangles with a graded mesh. The study was performed assuming that
the in situ stress was lithostatic and hydrostatic. Hydrostatic pressure is a stress
condition that is characterized by the same principal stress. The depth of overburden
was considered at 70 m. The peak horizontal acceleration (PHA) value of 0.36 g
and the peak vertical acceleration (PVA) value of 0.24 g are the maximum credible
earthquake (MCE) reported in the Site-Specific Study Report (IIT Roorkee).

The preliminary rock support analysis is carried out using a Q system support
chart. The excavation support ratio (ESR) as given in the updated NMT Q system
classification is considered to 1.0 [19]. The length of the bolt has been calculated
using the equation suggested by Barton et al. [20].

2+0.15B

L(Length of the bolt) =
(Length of the bolt) ESR

where

B = span of the tunnel
ESR = excavation support ratio.

As determined from the above-mentioned equation, 4 m long rock bolts with a
spacing of 2.0 x 2.0 m were installed for support of the excavated tunnel. M30 grade
wire mesh shotcrete was used as the final tunnel support. The 150 mm thick liner was
used as a final reinforcement after it had been tested for cracking and serviceability
[21]. The shotcrete properties used in the study are given in Table 7.4.
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Table 7.4 Shotcrete
. . . Parameters Value
properties used in analysis
E modulus 30.000 MPa
Poisson’s ratio 0.2
Thickness 100 mm

Design Approaches

Approach 1: Equivalent Continuum Approach

In recent years, a numerical method has been proposed for the evaluation of rock
mass with equivalent material properties to obtain the overall response. Various
researchers have developed many computational methods for modeling joints in
rock masses using different methodologies [5, 22]. A rock mass with no joints is
known as a continuum rock mass. The rock mass is treated as a continuous series of
joints in this technique, and the effect of joints is taken into account by decreasing
the strength of intact rock [23]. The discontinuous rock mass is modeled using three-
noded triangular elements in the equivalent continuum method. The characteristics
of each element are defined in terms of certain variations of intact rock properties as
well as of joints. Figure 7.1 displays the numerical model used in this analysis. The
numerical model’s efficacy in calculating the displacements and forces generated in
the tunnel lining for the static and seismic conditions is assessed.

Fig. 7.1 Numerical model 8.8 m horseshoe shape tunnel for equivalent continuum approach
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Approach 2: Continuum with the Interface

Seismic events greatly affect the tunnels in discontinuous jointed rock mass; hence,
the interaction of seismic loads with discontinuities should be assessed. Since most
of the tunnel damage recorded in the literature [5, 24] was associated with jointed
rock mass, it is essential to study joint implication by proper modeling of joints in
rocks. Various researchers have performed some noteworthy studies and outcomes
reported in the literature dealing with the seismic response of tunnels across joints
[25-27]. The tunnel is represented as an equivalent continuum with the inclusion of
critical joints in the rock mass in the continuum with interface methodology. When
compared to continuous methods, it is able to specify interfaces inside the rock mass
as well as represent changes in anisotropy. The numerical model used for the analysis
is presented in Fig. 7.2.

Results and Discussion

The goal of this work is to use a pseudo-static technique to understand the seismic
response of a hydropower tunnel by modeling the rock mass using two alternative
approaches: continuum rock mass and continuum with the interface. By evaluating
various methodologies, the study enables us in understanding how the forces created
in the liner vary. After applying a seismic load, the outcomes are examined and
interpreted as major and minor primary stresses (1 and 3) and a rise in axial force in
the lining. When compared to continuous approaches, it is able to specify incorporate
interfaces inside the rock mass as well as represents changes in anisotropy.
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Fig. 7.2 Numerical model 8.8 m horseshoe shape tunnel for equivalent continuum with interface
approach
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Approach 1: Continuum Rock Mass

For the static condition, the increase in the principal stresses around the invert of the
tunnel is much higher compared to other zones. With two troughs and two peaks, the
axial force generated in the liner is periodic. There is an increase of 50% in the amount
of seismic axial force generated in the tunnel lining for a seismic scenario when
compared to a static case. Crown of the tunnel and invert shows high displacement,
while points on the sidewalls of the tunnel undergo minimal displacement. Figure 7.3
demonstrates the displacement caused by the excavation boundaries for static and
seismic situations. The average displacement for the static state of the tunnel is
estimated to be 13 cm which increases to 22 cm after the application of seismic
forces. The seismic axial forces generated in the liner are presented in Fig. 7.4.

Fig. 7.3 Displacement contours around the tunnel for the first approach
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Fig. 7.4 Axial force variation in the tunnel liner for continuum approach
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Approach 2: Continuum with the Interface

The rock mass is treated as an equivalent continuum with joint sets in this technique.
‘When the rock mass around the tunnel is weakened by the joint crossing, a maximum
axial force is expected to accelerate. Instead of the point of contact between the
horizontal joint and the tunnel liner, the highest axial force was detected in the
position of the knee and shoulder.

Figure 7.5 indicates no peaks as seen in the case of the continuum rock mass.

There is only a 20% increase in the liner forces for seismic cases when compared
with the continuum approach. As it can be observed from the results that the position
and magnitude of maximum axial force developed in the liner decrease because
of the low strength properties of rock mass. In weak rock mass, deformation is
independent of the joint intersection of the tunnel liner. There is a slight increase in
the total displacement of the tunnel compared to the continuum approach as shown
in Fig. 7.6.
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Fig. 7.5 Axial force variation in the tunnel liner for continuum-interface approach
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Fig. 7.6 Displacement around the tunnel for the second approach
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Conclusion

The hydropower capacity of the Indian Himalayan region is still needed to be
explored. Because tunnels are the main component of any power project, more tunnel
construction is needed to increase the hydropower capacity. The seismic assessment
of tunnels is even more significant since mountain tunnels are particularly prone to
seismic activity. To evaluate the seismic performance and responses of the tunnels
subjected to the earthquake, pseudo-static analysis for an 8.8 m diameter horseshoe-
shaped tunnel is performed using two different modeling approaches. The obser-
vations for the axial force pattern reveal periodicity for the first approach, but no
consistent pattern is seen for the second. The axial force difference on the lining for
the continuum with the interface approach ranges from 15 to 20% between static
and dynamic loads, whereas the increase for the continuum approach is up to 50%,
indicating that the first approach overestimates the forces developed in the liner
for a seismic event. The total displacement observed is almost similar for both the
approaches for static (13 cm) and seismic case (22 cm). Since rock mass cannot
behave as a continuum in the field; hence, it is more advantageous to use an equiv-
alent continuum-interface method instead of an equivalent continuum method to
obtain outcomes of much greater precision.
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Chapter 8 ®)
Effects of the Shield Driving on Soil ez
Arching Around the Tunnel

M. Vinoth® and M. S. Aswathy

Introduction

Recently, the mechanized tunnel is mainly used in densely populated urban areas [1—
4]. If face pressure and grout pressure are inadequate during tunnel driving, adjacent
soils will be disturbed and the serviceability of existing adjacent structures will even-
tually be threatened. In cohesionless soil strata, soil arching effect is predominant due
to the stress modification in the soil surrounding the mechanized tunneling. There-
fore, it is necessary to understand this behaviour which threatens the functioning of
adjacent structures.

Globally, studies on soil arching due to tunnel construction have been carried out
by numerous researchers [5—8]. The trap door test carried out by Terzaghi [5] showed
that the vertical stress increment seized and remained constant after reaching a certain
depth. From previous research [6], it was noted that excavation greatly disrupts the
existing earth pressure pattern. However, these research works shed light into the
soil-arching phenomenon due to the disturbances caused by tunnel construction.
Yet, they have their own time limits as well as costs. To overcome these limitations,
recently numerical approach has been adopted to understand the development of soil
arching around the tunnel as they are efficient and cost effective [9].

Of lately many, 2D numerical studies [10, 11] have been carried out to capture the
evolution of soil arching around the tunnel. These numerical studies [10] revealed
that the soil arching was not significant when the depth of tunnel exceeded 12 m.
These 2D approaches also had limitations in understanding the soil arching effect, as
they were developed under plain strain condition. Some researchers [12] performed
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3D analysis, but they did not perform the complete analysis to address the stress
distribution. Despite several studies conducted by various researchers, the problem
of the evolution of soil arching during the mechanized tunnel construction is still
missing. Consequently, a 3D numerical model was developed to understand the
process of evolution of soil arching in a cohesionless soil.

Input Parameters for the Numerical Analysis

The subsurface parameters were obtained from the geotechnical investigation
conducted along the Grey Metro Line of Delhi Metro Rail Corporation. The water
table was found at a depth of 20 m from the ground level, and same was taken into
account in the analysis. Hardening soft soil (HSS) model was used for the analysis.
To understand the evolution of soil arching around the tunnel, a homogenous silty
sand (SM) condition was assumed in this study. The properties of the silty sand are
presented in Table 8.1.

The properties of the TBM and the lining adopted in the numerical analysis are set
out in Table 8.2. The tunnel was constructed using Earth Pressure Balance System
(EPBS). The external diameter and internal diameter of the tunnel are 6.3 m and
5.8 m, respectively. Each segment is 1.4 m wide.

Table 8.1 Subsurface properties for HSS model

Parameter SM Unit
Unsaturated unit weight, ¥ ypsat 16.4 kN/m?3
Saturated unit weight, ¥ sat 20.1 kN/m?
Friction angle, ¢ 33.2 °
Dilatancy angle, v 32 °
Cohesion, cref 0.0 kPa
Initial void ratio, eg 0.6 -
Reference secant stiffness in triaxial test, Eg%f [x10%] 3.13 kPa
Reference tangent stiffness for oedometer loading, E(';fi [x10%] 3.13 kPa
Reference unloading/reloading Stiffness, E'°" [x 10*] 9.39 kPa
Power for stress dependency of stiffness, m 0.67 -
Coefficient of permeability, kx = ky [x 1072] 8.64 m/day
Coefficient of permeability, k, [x1072] 2.88 m/day
Reference shear modulus at very small strains, G{)ef 134,131 kPa
Shear strain, o7 [ X 1079] 31.9 -
Reference stress, p' 100 kPa




8 Effects of the Shield Driving on Soil Arching Around the Tunnel 71

Table 8.2 Material .

P s TBM L
properties of TBM and lining arameter 1mne
(data from [11]) Material weight, kN/m> 76 25

Young’s modulus, kPa 210 x 10° 27 x 10°

Poisson’s ratio 0 0.15
Finite Element Model

The size of the finite element model is 100 m x 30 m x 40 m (L x B x H) as
illustrated in Fig. 8.1. The dimensions have been chosen so that boundary effects are
eliminated. The TBM had a total length of 12.6 m composed of nine segments. A
uniform contraction of 0.5% for the tapered portion was adopted. Tunnel crown lies
at a depth of 12.6 m. The numerical simulation is carried out in the same manner
as it is executed in the field. Each step in the advancement of EPBS is 1.4 m. For
more detail on numerical simulation, see [13]. Generally, the initial lateral stress at
rest condition acting at the level tunnel centerline will be larger than the applied face
pressure. In this case, face pressure was considered 30% of the initial horizontal at
rest pressure (i.e., 28.05 kPa). A linear increment of 2.23 kPa over the entire depth
of tunnel has been applied. The grout pressure was assumed to be 1.5 times greater
than the face pressure, basically the grout pressure is higher than the face pressure.

Four spots «, B, ¥, and A (Fig. 8.1) are taken into account in the assessment of the
evolution of soil arching due to tunnel construction. Point « is located at the surface,
point B is located —5 m below surface, point y is located —8 m below surface,
and point A is located at —12 m below surface. At the beginning, the face of the
TBM is located at a distance of 2.4D (‘D’ diameter of tunnel) from the spots and the

Points  under
| consideration

40

Fig. 8.1 Numerical model for assessing the evolution of soil arching around tunnel
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construction stages of the tunnel have been continued until the tunnel face moves to
a distance of 5D from the spots.

Results and Discussion

The stress variations in «, B, y, and A due to the driving of shield tunnel were
obtained from the numerical analysis to study the development of soil arching around
the tunnel.

Stress Variation at o, B, y, and A

Continuous redistribution of stress around the tunnel occurs as the tunnel is
constructed. The variation of stress with depth has been shown in Figs. 8.2, 8.3
and 8.4. Changes in stress are recorded at different locations of TBM face relative
toa, B, v, and A.

Location I: At this stage, the TBM face is located at a distance of 2.4D behind
the spots «, B, y and A. Figures 8.2, 8.3 and 8.4 shows that the stress at all locations
(o, B, y and A) is unchanged. Stresses increase linearly with depth.

Location II: Now, the TBM face lies at a distance of 0.88D behind spots «,
B, y and A. Figures 8.2 and 8.3 show that o,, and o4 exceed the initial stress.
Meanwhile, o, partly changes in the lower half of the tunnel portion. This is the

Normal stress o, (kPa)
100 200 300

1.27D/Section ]

“‘5\

.q)..& P SSisiuaniasiiiarivsizessastinesale -
[ 0.73D [Section ]
cal B X SR L
L) |
————————————————— e el e T
+—X=-24D —o—-X= -088D —#»-X= -022D—»—X= -0D

X= 044D X= 111D -&-X=2D —=—X=33D

Fig. 8.2 Normal stress (o) variation with depth
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Lateral stress o (kPa)
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Fig. 8.3 Lateral stress (0 xx) variation with depth
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Fig. 8.4 Lateral stress (oyy) variation with depth
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most obvious evidence of the formation of a loose section directly in front of the
TBM face. Consequently, to stabilize this formation, soil arching takes place around
this section. Due to soil arching, stress around loose section will increase. Thus, spots

a, B, y and A can be said to be in the stability area at location II.

Location II1: The TBM face is now at a distance of 0.22D behind spots «, 8, y and
A. Figure 8.2 shows that o ,, decreases and no linear trend is seen. The evolution of
soil arching occurs at the inflection points as indicated in Fig. 8.2 with a star symbol.
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There are two inflection points in the curve (points 1 and 2). After the 1st point with
an increase in depth, the o ,, decreases till point 2 and beyond point 2 ¢ ,, increases
in relation to the stress in the undisturbed state. This clearly represents the stress
distribution to the surrounding soils. o ,, decreases indicate the formation of loose
section between points 1 and 2. Figures 8.3 and 8.4 shows that both o« and oy are
increased above the crown, whereas in tunnel section both oy and oy are reduced,
which may be due to the formation of the loose section formed by inadequate face
pressure.

Location IV: Now, the TBM has passed the spots («, B, y and A) and at a 2D
distance ahead of those points. Figures 8.2, 8.3 and 8.4 shows that o ,, begins to
decrease and the horizontal stress increases. Once the TBM face has passed the spots
o, B, y and A, the inflection points move upwards indicating the expansion of the
loose section above the tunnel.

Location V: Not only does the TBM face passes the spots («, B, y and A) but also
the TBM tail is passed (i.e., > 2D). There is not much impact in the vertical stress
as the expansion of the loose section is not upwards. On the other hand, the lateral
stresses undergo enormous variations at the level of the crown because of the drive
of the shield, grouting and the erection of lining segments. Above tunnel crown, two
distinct regions are formed one above the point of inflection (1.27D) and one below
the point of inflection (0.73D).

Thus, it is understandable that the loose section above tunnel crown extends to a
height of 0.73D and arch section has a height of 1.27D above the loose section.

Conclusion

A 3D finite element analysis was carried out to understand the evolution of soil
arching during shield driving of tunnel in a cohesionless soil. The conclusions that
can be made based on the analysis results are,

1. A clear demarcation between the soil arching and loosen section can be identified
by looking into the inflection points. Inflection points also provide us with the
information of how the loose section expands as the shield driving of tunnel is
in progress.

2. Two sections are formed above the tunnel crown when the TBM face pressure
is 30% of the initial horizontal at rest earth pressure. The height of loose section
above tunnel crown extends to a height of 0.73D. The soil arching section extends
for a height of 1.27D above the loose section.
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Chapter 9 )
Stability Analysis of Overburden Dump st
Slope—A Case Study of Marki Mangli-1

Coal Mine

S. S. Geete, K. H. Singh, A. K. Verma, T. N. Singh, and P. P. Dahale

Introduction

For the extraction of coal or metal from the open cast mining, huge quantity of
material is excavated called as overburden dump (OBD) material. This huge quantity
of material stored in the form of the internal pit dumping and external dumping. In
case of the internal pit dumping, within the pit of mine, dump material is stored,
whereas in external dumping, dump material is stored outside area of mine pit.
OBD slope should not be far away from the mine pit because this will increase the
transportation cost of dump material. Separate place is demarcated for the storage of
OBD material. Shear strength of foundation strata is less than the shear strength of
the dump waste material, then stability of slope will govern by the shear strength of
foundation strata [1]. Bearing capacity of the foundation soil is directly proportional
to the stability of the overburden dump slope [2]. Stability of dump slope designated
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by a factor of safety (FOS) and generally minimum risk dump slope design for FOS
1.1 to 1.15. Fellenius method used to mark the critical failure surface of the waste
dump slope. Permissible height of dumping depends on index properties of waste
dump material and methods of dumping [3]. Coates proposed charts in relation to the
height of dump for calculation of factor of safety based on the slope angle [3]. The
failure of internal dumping is directly affecting the mine coal extraction and safety of
personnel working inside the mine [4]. The relation between the height of dump and
the angle of slope of dump is correlated based on various index properties of the dump
material and foundation soil [5]. Relationship between FOS and height of dump also
between FOS and slope angle is proposed [4]. Stability of dump slope studied for
the effect of the increase of height with the inclusion of bench [2]. Overburden dump
material is heterogeneous in nature so it is difficult to investigate the index properties
of the OBD. Larger size particles are excluded at the time of grain size analysis of
the OBD material. Total 11 mines sites dump material samples (8 Nos. per mine)
were collected and tested for various geotechnical properties [6]. After dumping,
physical and chemical weathering of waste dump material take place which alters
the properties of dump material results in a change of shear strength and permeability
[1]. Slope failed because of the failure of foundation black cotton soil or either failure
of dump slope material. Once the ultimate shear strength of supporting black cotton
soil is reached, failures are initiated in the soil first and then it propogates in the body
of OBD [7]. Peak friction angle depends on soil index properties like soil type, relative
density, unit weight, and void ratio. Peak friction angle increases with the angularity
of granular soil, surface roughness, and relative density. For fine grained soil, peak
friction angle depends on the plasticity index and various relationship proposed in
various research articles. The relationships between grain sizes with peak friction
angle for different soil types are developed. The empirical relationship effective peak
friction angle and a different ratio of mix proportions by weight of coarse to fine (C/F)
are developed [8]. The factor of safety of waste dump slope in the saturated condition
is less than unsaturated condition. Minimum FOS for the stability of waste dump
slope considers as 1.40 in most unfavorable conditions [9]. The probabilistic approach
takes into account the effect of uncertainty and variation of material properties using
various statistical distribution functions. Percent of coefficient of variation (%COV)
is directly proportional to the probability of failure also increases. Monte Carlo
method is used to evaluate the probabilistic slope stability analysis. FOS calculated
by deterministic LEM and probabilistic LEM is nearly similar to each other [3, 10].
Since in mining projects, land is allotted on the basis lease; hence, OBD material
should be safely stored in demarcated land. Because of land availability constraint,
OBD slope should be extend vertically instead of horizontally. Hence to check the
feasibility of OBD slope to extend vertically, assessment of stability of OBD slope
is vital. In the present study, stability of existing and proposed vertically extended
OBD slope of Marki Mangli-I coal mine is analyzed through probabilistic method.
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Details of Study Site

Marki Mangli-I coal mine operated by M/s. Topworth Urja & Metals Ltd. This mine
located in Jhari Jamni Tahsil in District Yavatmal of Maharashtra, India. The site
is located approximately 170 km from Nagpur. Geographical location of the mine
latitude (North) 19,050’ 47" and longitude (East) 78,046’ 41”. Lease area of mine
is 682.78 ha. Total extractable coal reserve is 8.35 MT. Expected life of mine is
about 30 years. Production capacity of mine is 0.3 MT per annum. Effective seam
thickness is 2.5-4.5 m. Average annual rainfall is 1250-1350 mm. Working depth
of mine is 18-48 m. Overall stripping ratio of mine is 1:6.75. The existing dump of
three benches is placed on the ground surface of black cotton soil. Dump material
mainly consists of black cotton soil, sandstone, and shale. The black cotton soil is
dumped separately from other OBD materials. The overall bench angle is 23°.

Mine area is comprised of Penganga group of beds consist of Gondwana, Lameta,
and Deccan trap in the ascending order. The Penganga represented by limestone
which are dolomitise at places and purple shales. These are overlain by Gondwana
with faulted contacts. The Gondwana is overlain by Lameta consisting of clay and
siliceous limestone. The Lametas are generally fringe the overlaying basaltic lava
flows, i.e., Deccan trap. Within the block, surface is generally covered with black
cotton soil. In the western part, exposures of Deccan trap are seen at places, while in
northeast, the exposure of Pakhal/Penganga beds, talchar, barker, Lameta, and Deccan
trap is present. In the major central part, Lameta beds cover under soil (Figs. 9.1 and
9.2).

Fig. 9.1 OBD at Marki
Magli-I coal mine




86 S. S. Geete et al.

Fig. 9.2 Sample collection
of OBD material

Data Regarding Rainfall

1. Maximum rainfall in a day:250 mm

2. Maximum exposed area for direct precipitation:35 ha.

3. Max. quantity of rain water within 24 h:875,000 cum.

4. RL of HFL:230 m.

5. Annual average rainfall:1250-1350 mm.

6. Location of ground water table:3.0-5.0 m below natural ground level.
Objective

Objective of present study is to analyze the stability of

(a) Existing (three benches) OBD slope at critical sections
(b) Proposed vertically extended (four benches) slope at critical sections

From this stability analysis, check the feasibility of extension of one more bench
of 10 m height and 20 m width over the extension OBD slope.

Methodology

Methodology of investigation of stability of slope is mentioned in the flowchart
Fig. 9.3. From the site investigation, critical sections of overburden dump slope of
mine are determined at chainage of 450 and 550 m. Geomechanical properties of the
dump materials are evaluated in the laboratory at optimum moisture content (OMC).
Shear strength parameters (cohesion (c¢) and internal angle of friction (¢)) of the
OBD material are assessed by the direct shear test as per IS: 2720 (Part 13)-1986.
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Stability analysis

o Stability analysis ron o
Investigation of of existing OBD o anded Calculatation of To draw the To check the
’and shear Slope by LEM LEM\al;:l Yy the factor of probable failure exienﬁior{ of
strength and prob_abl]{ly probability safet_y (FOS) for surfaqe of the exis\ir;g OBD
Parameters (¢ crtical socions ot | D) | st | D) | eomngant, slope based on
and ¢) of OBD at chainag. critical sections slope at critical M £ critical the LEM and
Material (at 450 il 2, at chainage slope at critical slope of critica probalility
OMC) m and 5oum 450m and 550m sections surlace. analysis.

respectively. respectively.

Fig. 9.3 Flowchart of methodology of dump slope stability analysis investigation

Based on the geomechanical properties, stability of the existing and vertically
extended dump slope is assessed through limit equilibrium method and the proba-
bilistic analysis. Bishop’s simplified method and Spencer-Wright method are used
for stability analysis of OBD as these methods are more realistic and accurate. In
probability analysis, percentage of the attainment of respective FOS is recognized.
This probabilistic method elaborates the clarity of safety measured in terms of factor
of safety. Extended bench height of dump is 10 m. Stability and probabilistic analyses
are performed on Gelena software.

Laboratory Analysis

Laboratory investigations of dump samples are performed as per Indian standard code
provisions (Figs. 9.4, 9.5 and 9.6). Various geotechnical properties are represented
in Table 9.1.
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Fig. 9.4 Particle size distribution of OBD material less than 80 mm (white and red OBD material)
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Fig. 9.5 Particle size distribution of OBD material particle size less than 4.75 mm (white and red
OBD material)
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Fig. 9.6 Variation of unit weight of dump with moisture content
Table 9.1 Geotechnical properties of dump material

Moisture Permeability | Specific | Optimum Maximum | Cohesion | Internal
content (%) | (cm/s) gravity moisture dry density | (kPa) angle of

content (MDD) friction
(OMC) (%) | (g/cc)
2.04 0.00682 2.392 9.19 2.058 150 21.1°

From Fig. 9.7, cohesion and internal angle of friction (¢) of the OBD material
are found out to be 150 kPa and 21.1°, respectively, at optimum moisture content
(Fig. 9.8).
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Stability Analysis of OBD Slope

Existing overburden dump consists of three benches. Height and width of each bench
are 10 m and 20 m, respectively. From the site investigation, critical sections are
identified at chainage 450 m and 550 m of overburden dump slope. Gelena software is
used for the stability analysis through LEM and probability method of the existing and
vertically extended OBD slope. Stability analysis of existing and vertically extended
OBD slope at each critical sections (chainage 450 and 550 m) is evaluated.

A. Slope stability analysis existing dump slope at chainage of 450 m by LEM
and probability method

See Figs. 9.9, 9.10, 9.11, 9.12 and 9.13.
B. Slope stability analysis existing dump slope at chainage of 450 m extended
See Figs. 9.14, 9.15,9.16 and 9.17.
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A. Slope stability analysis existing dump slope at chainage of 450m by LEM and probability method
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Fig. 9.9 Failure envelope of existing dump slope at chainage 450 m with critical FOS (Bishop

simplified method)
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Fig. 9.10 Failure envelope of existing dump slope at chainage 450 m with critical FOS (Spencer-

Wright method)

C. Slope stability analysis existing dump slope at chainage of 550 m

See Figs. 9.18, 9.19 and 9.20.

D. Slope stability analysis extended dump slope at chainage of 550 m

See Figs. 9.21, 9.22,9.23 and 9.24.
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D. Slope stability analysis extended dump slope at chainage of S50m
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Table 9.2 Assessment of factor of safety by LEM

Method of analysis | At 450 existing | At 450 extension | At 550 existing | At 550 extension
FOS

Bishop simplified | 1.77 1.37 1.6 1.45
method
Spencer—Wright 1.77 1.37 1.6 1.45
method

Table 9.3 Assessment of probability by LEM

At 450 existing At 450 At 550 existing | At 550
extension extension
FOS 1.01 1.50 2.00 1.34 1.50 1.62 1.53 1.74
Probability of | 0.20% | 2.10% |21.10% |0.10% | 82.60% | 1.00% 0.10% | 47.00%
FOS less than

Results and Discussion

In this study, an extensive laboratory testing program has been undertaken to deter-
mine geotechnical properties of OBD material. Permeability, specific gravity, mois-
ture content, optimum moisture, maximum dry density, particle size distribution,
and direct shear strength of OBD material are investigated. Based on test results,
numerical models are developed for existing dump and proposed vertically extended
dump. The geometry of the slopes is kept same as that of present practiced approval
from DGMS, and limit equilibrium approach has been adopted to estimate the safe
dump height. Following conclusions and recommendations of are drawn from present
scientific study (Tables 9.2 and 9.3).

Conclusion

From the exhaustive laboratory work, it is concluded that existing dump is safe and
stable as per stability assessment through LEM for both the chainage sections (450 m
and 550 m). For existing OBD slope, the probability of factor of safety less than 1.5
is only 2.1% at critical sections. Factor of safety assessed through Bishop’s method
and Spencer-Wright method is same. Factor of safety of proposed vertically extended
OBD slope is 1.37 as per stability assessment through LEM and probability of factor
of safety less than 1.50 is less than 82.6% at critical section.

From the present stability analysis, it is concluded that proposed vertical extension
of bench had factor safety less than 1.50, therefore, vertical extension is not safe.
Hence, it is not permitted.
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Future Scope

Stability of overburden dump slope should be analyzed at variation in moisture
content of dump material.

Stability analysis of overburden dump slope should be analyzed by mixing two
types of soil (white and red) with varying percentage. Because at the time of
dumping of excavated percentage of mixing varies.

Acknowledgements Authors thankful to the M/s. Topworth Urja & Metals Ltd of the Marki
Mangli-I coal mines for the help and cooperation extended.
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Chapter 10 ®)
Living Soil Nails to Prevent Shallow i
Landslides in Lateritic Soil Slopes

D. Anand Praveen and P. V. Divya

Introduction

Rainfall-induced slope failures are becoming very common nowadays in India, espe-
cially in Kerala. During the monsoon period, landslides are taking place along the
residual soil slopes in Kerala. Recently, several landslides have occurred in many
districts of Kerala. Kerala witnessed many rainfalls triggered landslides in the years
2018, 2019, and 2020. In 2019 and 2020, heavy rain in Wayanad, Kannur, and Idukki
has caused severe slope failures and left the hilly districts completely isolated [1].
Rainfall infiltration in unsaturated soil slopes involves flow through unsaturated zone
above the ground water table.

In unsaturated conditions, there are two independent stress state variables: net
normal stress (o0 — u,) and matric suction (u, — uy). Here, o is normal stress, u,
is pore air pressure, and u,, is pore water pressure which control the shear strength,
volume change behavior, and permeability (seepage) of the unsaturated soil. The
shear strength of the soils in unsaturated conditions can be expressed by Eq. 10.1 by
Fredlund et al. [2].

T=¢ + (0 —up)tan ¢’ + (uy — uy ) tan ¢’ (10.1)
where ¢’ = effective cohesion; (6 — u,) = net normal stress; (4, — uy) = matric

suction; ¢’ = angle of internal friction due to net normal stress; ¢ = an angle indi-
cating the rate of increase in shear strength relative to soil suction. The shear strength
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of the soil depends upon the matric suction. Rainfall infiltration will cause reduction
in matric suction. The importance of rainwater infiltration in causing slope failures
is well known [3, 4]. Vibha and Divya [1] reported that the slope failures in unsatu-
rated lateritic soil during rainfall is mainly due loss of suction due to advancement
of wetting front rather than rise in ground water table. Sudden increase in pore water
pressures due to establishment of perched water table leads to slope failure [5].
Several methods are available for slope stabilization including structural and non-
structural elements such as retaining walls, gabion walls, geosynthetic reinforce-
ments, and soil nailing. However, soil bioengineering techniques are gaining popu-
larity due their economic effectiveness and environmental friendliness. Plant roots
help to prevent the slope failures in two ways. It provides tensile strength to the
soil and assist the soil in maintaining suction via evapotranspiration. Cardoza and
Oka [6] reported that the use of vegetative stabilization increased the factor of safety
in sands and silts. It was reported that the shear strength of root reinforced soil
depends on the root length and root area ratio. They can be considered as “living
soil nails” owing to the advantage that the roots can penetrate deep in to the soil and
act like a reinforcement. This will be helpful in preventing shallow slope failures.
In the present study, numerical investigations are conducted in order to investigate
the performance of lateritic soil slopes during rainfall infiltration. The performance
of lateritic soil slopes is compared with and without vegetation. Further, direct shear
tests are conducted on residual lateritic soil with and without vegetation roots to
evaluate the influence of vegetation in shear strength characteristics of lateritic soils.

Materials

The soil used in the present study was collected from a location in Kerala, where a
shallow landslide had occurred in the year 2018. The soil was classified as CL as per
unified soil classification system. The liquid limit and plasticity index of the soil were
27.19% and 18.6%, respectively. Percentage fines in the soil (less than 75 microns
sieve size) were found to be 66%. The saturated permeability of the soil was found to
be 1.58 x 10~® m/s at a maximum dry density of 15.53 kN/m? and optimum moisture
content of 25.5%. Cohesion intercept (¢’) and angle of internal friction (¢') are 9 kPa
and 27°, respectively. The SWCC parameters are experimentally determined using
filter paper technique. Van Genucten SWCC parameters alpha («) and pore size
distribution (72) of the soil are found to be 1.06 and 1.49, respectively.

Selection of vegetation compatible with the lateritic soil is very important. The
vegetation used in the study was a perennial grass named Chrysopogon zizanioides
which is commonly known as vetiver. In order to investigate the growth rate of
vetiver grass in the lateritic soil used in the present study, saplings of length of
3 cm are taken and planted in lateritic soil filled in a plastic tub of dimensions
66 cm x 30 cm x 33 cm as shown in Fig. 10.1a. The growth rate was observed
for 45 days. Figure 10.1b, c indicates the view of the grass initially and at the end
of 20 days, respectively. Figure 10.1e, f shows the status of vetiver grass G1 (as
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marked in Fig. 10.1b) after 20 days and 45 days, respectively. From Fig. 10.1d-f, it
can be observed that the vetiver has good compatibility with lateritic soil. Average
growth rate of vetiver grass in residual lateritic soil used in the present study was
found to be found to be 23 cm/month. As can be observed from Fig. 10.1f, vetiver
can develop a deep, dense, and fibrous root system which will be ideal for slope
stabilization in residual lateritic soil systems and also in erosion control. A literature
review conducted on some common grass roots revealed that the tensile strength
of C. zizanioides (vetiver) varies from 40 to 120 MPa [7]. Thus, the fast-growing
vetiver grass can be considered as “living soil nails” in lateritic soil slopes owing to
the reinforcing mechanism of deep, dense, strong, and fibrous root system in addition
to its hydrological benefits.

(a) Tub with soil

o M_

__-_-—d-ﬁ

p——

(c) Conditions of the grass after 20 days (¢) Gl after 20 days () G after 45 days

Fig. 10.1 Testing of growth rate of vetiver grass in lateritic soil
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Numerical Modeling of Slopes with and Without Vegetation

Performance of lateritic soil slopes at the onset of rainfall infiltration was studied
numerically using a commercially available software Hydrus. Hydrus utilizes phys-
ically based hydromechanical frameworks for simulation of the transient fields of
soil moisture during rainfall infiltration. Hydrus combines variable saturation flow
and stress fields to simulate the impact of rainfall on slopes. Rainfall data for the
region for the month of August 2018 (Fig. 10.2) during which many landslides were
occurred in Kerala were used in the present study to simulate the extreme rainfall
conditions.

The landslides reported in the study area were shallow in nature. Generally, the
slope height varied from 4 to 10 m and was a rolling terrain of lateritic soil along
the side of a road. In the present study, a simplified geometry of slope height (H) of
8 m was modeled at an inclination () of 30° as shown in Fig. 10.3. Properties of the
lateritic soil collected from the landslide location as explained in Sect. “Materials”
were assigned to the slope. Groundwater table was considered at bottom of the
slope. Top surface of the slope is subjected to atmospheric boundary conditions
where rainfall infiltration and evapotranspiration take place. Sides and bottom part
of the slope are subjected no flux boundary condition, where the flow is restricted
(Fig. 10.3).

In order to simulate the influence of vegetation (vetiver) in the transient soil
moisture fields and soil suction, root water uptake model and Feddes root water
uptake parameters are used. The Feddes model parameters [8] are PO = —10 cm,
POpt = —25 cm, P2H = —300 cm, P2L = —1000 cm, P3 = —8000 cm, r2H =
0.50 cm/day, and r2LL = 0.1 cm/day. Based on potential transpiration rates (PET),
root water uptake model calculates actual evapotranspiration (AET). Twelve vetiver
grass of root length of 2 m with transpiration rate (PET) 15 mm/day are modeled in

140 T T T T T T T T T — |

120 |
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o
T
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(o]
(=]
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60

40 |

Rainfall in mm/day
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Fig. 10.2 Daily rainfall data during August 2018
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2H ‘
Atmospheric
H boundary condition
p
3H
No flux
boundary
condition

No flux boundary condition

Fig. 10.3 Boundary conditions of the model adopted in the present study

the present study. Performance of slope with and without vetiver grass was compared
in terms of wetting front advancement, suction distribution, and factor of safety of
the slope.

Advancement of wetting front developed in the slope with and without vegetation
during rainfall infiltration at different intervals of time (t) can be observed from
Figs. 10.4 and 10.5. As can be seen from Fig. 10.2, the rainfall in mm/day is low in the
first 7 days. As the duration of rainfall () increases, the wetting front advances further
deep in to the slope without vegetation as shown in Fig. 10.4. The advancement of
wetting front will change the saturation level and suction within the slope. In the case
of slope with vegetation, the wetting front has not advanced deep in to the slope as
can be seen from Fig. 10.5. The presence of vegetation and root system prevented the
advancement of wetting front. Figures 10.6 and 10.7 show the variation of pressure
head within the slope with and without vegetation. As can be seen from Fig. 10.6,
the distribution of pressure is in accordance with the advancement of wetting front.
Initially, at time # = 0, suction or negative pore water pressure exists above the ground
water table. As the rainwater infiltrate, the suction reduces along the slope surface. As
the time progress (¢ = 7 days), a zone of zero suction or zero pressure head developed
near the slope surface of the slope without vegetation (Fig. 10.6). The zone of zero
suction expands into the interior of slope as rainfall infiltration and advancement
of wetting front further progresses (f = 15 days). Loss of suction can decrease the
shear strength of soil and affects the stability of the slope. Whereas, in the case of
slope with vetiver grass, the suction was maintained at high values due to the root
water uptake as shown in Fig. 10.7. This is in accordance with the advancement
of wetting front pattern observed in Fig. 10.5. Since the suction is maintained at
high values in slope with vetiver grass, the shear strength and slope stability will
be enhanced. This will be helpful in maintaining the integrity of the slope during
rainwater infiltration. The factor of safety of the slope during rainwater infiltration
with and without vetiver grass is shown in Fig. 10.8. As can be seen from Fig. 10.8,
the slope without vegetation experienced failure (Factor of safety less than 1) due to
rainwater infiltration. Whereas, the slope with vetiver grass maintained the integrity
with higher factor of safety during the entire duration of rainfall. It is to be noted
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that, only hydrological benefits are studied in the present numerical investigations.
In addition to the hydrological benefits, additional strength will be contributed by
means of vetiver roots. Tensile strength of the roots can further increase the factor of
safety of the slope. Thus, in order to investigate the influence of vetiver root system
on the shear strength characteristics of the lateritic soil, large direct shear tests were
conducted on lateritic soil with and without vetiver root system.
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Fig. 10.4 Advancement of wetting front in slope without vegetation for different duration of rainfall
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Fig. 10.5 Advancement of wetting front in slope with vegetation for different duration of rainfall
(t = time in days)

Experimental Investigations

In order to study the shear strength characteristics of vetiver root reinforced lateritic
soil system, large direct shear testing was conducted on soil samples of dimensions
300 mm x 300 mm x 200 mm. In order to obtain root reinforced soil, vetiver grasses
were planted at 75 mm center to center spacing and allowed to grow in a detachable
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Fig. 10.6 Variation of pressure head in slope without vegetation for different duration of rainfall
(t = time in days)

wooden box filled with lateritic soil at a density of 15.53 kN/m? and moisture content
of 25.5%. Nine identical vetiver grasses as shown in Fig. 10.9a were planted in the
wooden box. The inner dimensions of the wooden box are 300 mm x 300 mm x
300 mm as shown in Fig. 10.9b. The growth rate of vetiver grass in the lateritic
soil used in the study was promising (Fig. 10.9c) and was allowed to grow for two
months. At the end of two months, the samples were extracted from the wooden box.
Figure 10.9d shows the soil root system extracted from the wooden box. It can be
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Fig. 10.7 Variation of pressure head in slope with vegetation for different duration of rainfall (r =
time in days)

observed that dense fibrous roots are developed in the soil samples over two months.
The trimmed sample is transferred to the direct shear test apparatus (Fig. 10.9e) and
tested according to ASTM-D-3080. Tests were conducted at normal stress of 50,
75, and 100 kPa. Figure 10.9f shows the test setup. The samples with and without
roots were sheared to a maximum displacement of 75 mm. Figure 10.10 shows the
shear strength envelop of the soil with and without vetiver root system. As can be
observed from Fig. 10.10, the cohesion intercept and angle of internal friction of the



110 D. A. Praveen and P. V. Divya

Rainfall in mm/day

[ Without Vegetation
[ With Vegetation

0 |
0 1 2 3

4 5 6 7 8 9 10 11 12 13 14 15
Time in days

N

—_

Factor of safety

Fig. 10.8 Variation of factor of safety of the slope during rainwater infiltration with and without
vetiver grass

soil were increased by 103% and 45%, respectively, when the soil was reinforced
with the root system. Cohesion intercept was increased from 9 to 18.3 kPa and angle
of internal friction was increased from 27° to 39°. Thus, the shear strength of the soil
was increased due to the presence of vetiver root system and significantly contribute
to the slope stability.

Conclusions

e Lateritic soil slope observed to lose the integrity during rainwater infiltration.
Slope failure happened due to the loss of suction associated with the advancement
of wetting front during rainfall. Whereas, the presence of vetiver grass helped in
maintaining the suction within the soil slope and prevented the advancement of
wetting front owing to the root water uptake. Lateritic soil slope with vetiver
grass was able to maintain the integrity with increased factor of safety, even after
subjected to a prolonged rainfall of 15 days.

e In addition to the hydrological benefits, vetiver roots helped in improving the
shear strength characteristics of the lateritic soil due to the reinforcing effect of
the roots. Average growth rate of vetiver grass in residual lateritic soil used in the
present study was found to be found to be 23 cm/month. Deep, dense, and fibrous
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Fig. 10.9 Direct shear testing stages on soil root system (a) Nine vetiver grasses used per test
specimen (b) Wooden box of 300 mm x 300 mm x 300 mm (c) Status of vetiver grass after two
months (d) Dense fibrous root system developed in soil after two months (e) Trimmed sample
transferred to direct shear testing apparats (f) View of large direct shear apparatus during testing
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Fig. 10.10 Direct shear test results of lateritic soil with and without vetiver roots

root system was observed to develop within the lateritic soil which will be ideal
for preventing shallow slope failures in lateritic soil slopes. Thus, the vetiver root
system can be considered as “living soil nails.”

e Cohesion intercept and angle of internal friction of the lateritic soil were increased
by 103% and 45%, respectively, when the soil was reinforced with the vetiver root
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system. Cohesion intercept was increased from 9 to 18.3 kPa and angle of internal
friction of the lateritic soil was increased from 27° to 39°.
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Chapter 11 ®)
Restoration Measures of Landslide R
Affected Valley Slope—A Case Study

of Tindharia Area Along NH 55 in West
Bengal

Avik Kumar Mandal, S. Sailesh, Pradyot Biswas, and Atanu Adhikari

Introduction on Occurrences of Landslides at Tindharia

The road, “National Highway (NH) No. 557, starts from “Darjeeling” at “Mohanlal
Chawk” (km 0 + 000) and ends at “Darjeeling More” (km 77 + 000) of “Siliguri”
in the state of West Bengal. The existing road is of intermediate to two lanes. The
narrow gauge railway line of “Darjeeling—Kurseong—Siliguri route of NF Railway”
runs in parallel with the existing NH 55 either on its right-hand side (RHS) or left-
hand side (LHS). The carriageway width between chainage km 50 + 150 (Darjeeling
side) and km 53 + 475 (Siliguri side) in and around “Tindharia” area along the NH
55 was partially to severely damaged at the following three numbers of locations due
to occurrence of landslide on September 18, 2011, on the valley side of the existing
road.

I. Km 50 + 155 to km 50 + 187 (Tindharia I say S1)
2. Km 52 + 650 to km 52 + 750 (Tindharia II say S2)
3. Km 53 + 452 to km 53 + 485 (Tindharia III say S3)

Figure 11.1 presents the above said three locations of landslides in and around
Tindharia area along NH 55.
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Fig. 11.1 Various Locations KEY PLAN
of Landslides in and around
“Tindharia” along NH 55 in
WB

TINDHARIA-II

The total height of valley side slope varies from 36 to 64 m from the existing
road bench, and the maximum height of valley side slope affected due to landslide
was around 30 m at the “Tindharia I (km 50 + 155 to km 50 4 187)” location. The
angle of existing valley side slope was 56—63° with horizontal at the “Tindharia I’
location. Some temporary protection work in the form of road barriers by using locally
available “stone filled Gabion box” was done by the State Public Works Department
(PWD) on the collapsed valley slope side. The condition of the landslide affected
valley side slope at the “Tindharia I”” location is shown in Fig. 11.2.

Fig. 11.2 Conditions of landslide affected valley slope at “Tindharia I”
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Fig. 11.3 Conditions of landslide affected valley slope at “Tindharia II”

The maximum height of landslide affected valley slope was around 90 m out of
total existing slope heights ranging from 165 to 185 m, and the angle of existing
valley side slope was 55-70° with horizontal at the “Tindharia II (km 52 + 650 to
km 52 + 750)” location. The exposed highly weathered fractured rock mass can be
seen on hill and valley side of slope in this road stretch. The narrow gauge railway
line of “NF Railway” was in hanging condition due to occurrence of major landslide
of the entire road width on valley slope side at the “Tindharia II” location where
the railway department had restored the railway line by cutting and supporting the
hill slope with RCC retaining wall after few months of occurrences. Figure 11.3
represent the conditions of landslide affected site at “Tindharia IT”.

At the “Tindharia III (km 53 + 452 to km 53 + 485)” location, the total height of
existing valley side slope is in between 39 and 49 m from the existing road bench, and
the maximum height of valley side slope affected due to landslide was around 25 m.
In this location, the existing valley slope angle varies from 60 to 70° with horizontal.
Along this stretch, the narrow gauge railway line is at some height above the existing
road level on the hill slope side. At this location, some kind of valley side slope
restoration work with “stone filled Gabion box retaining walls” was done initially
by state PWD, and this restoration work was destabilized in subsequent year’s heavy
monsoon. The earlier condition of the valley side slope was at the “Tindharia III”
location which is reflected in the Fig. 11.4.

The vegetation is present at all the above said locations of “Tindharia” area other
than the slide portions of valley side slopes. The longitudinal surface drain is also
present at toe of the hill slope on RHS at all the landslide affected locations in and
around “Tindharia”.

The initial part of the paper presents the study comprising engineering investiga-
tions, design analysis, and restoration proposals which was made under preparation of
“detailed project report (DPR)” during 2015-16 for the project client, namely “Min-
istry of Road Transport and Highways (MORT&H), Government of India” based
on the prevailing site conditions of the landslide affected valley slope of moderate
height of 30-34 m designated here as “Tindharia I”. The design confirmation work
based on the latest site topographical conditions and actual rehabilitation work which
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Fig. 11.4 Conditions of
valley slope at “Tindharia
ur

were finally undertaken by the contractor during the period from 2017 to 2020 for
the landslide affected valley slope of “Tindharia I”” are described here in the later part
of the paper.

Probable Reasons of Occurrence of Landslide

The probable reasons of occurrence of landslide in this stretch of road at “Tindharia
I (km 50 + 155 to km 50 + 187)” may be classified into following fundamental
factors.

Earthquake

The main central thrust (MCT) and the main boundary thrust (MBT) are the major
structural discontinuities which could be considered as the potential sources of earth-
quake activity in the Teesta region which is close vicinity of the project area. The
areas where the transverse or oblique faults intersect the MBT or the MCT are in
general the areas of high seismicity. Earthquake activities of Darjeeling Himalayas
are relatively high to the north of the main boundary thrust (MBT). Activities decrease
progressively southward from lesser Himalayas to the fore deep region, under the
sedimentary cover.

There are tension cracks which were generated due to the repeated occurrences
of seismic activities earlier to 2011 in the project area as this is located in seismic
“Zone IV”. Subsequent to the earthquake of moment magnitude 6.9 (i.e., Mw =
6.9) in 2011 September in nearby area along the border Nepal and Indian state of
Sikkim, the earlier generated tension cracks were widened and the new cracks were
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also developed along this stretch of project road due to the heavy shaking caused by
seismic waves.

Rainfall

The amount of rainfall plays a very important role in causing instability of slopes.
A very high intensity of rainfall within a short span of time is not uncommon in
Darjeeling hill areas. In respect of landslide hazards, the duration of rainfall is very
important. Long duration along with heavy down pour may cause deeper infiltration
and overland flow, which ultimately may result into the occurrence of landslides on
weaker slopes. The records show some of the long continued down pours. Among
them the most remembered ones are in 1787, 1789, 1827 (493 mm in one day), and
in June 1950 (965 mm). The last such rainfall recorded during 1968 (October 2 and
5-about 1780 mm). Thereafter, 358 mm in October 1973, 382 mm in June 1983,
457 mm in September 1986, and 350 mm in 1990 were recorded.

Heavy rainfall subsequent to the occurrence of earthquake in September 2011
increased the pore water pressure and seepage force, promoted surface erosion, and
reduced the shear resistance of slope forming mass which was loosened earlier due
to earthquake shaking.

Poor Drainage

The landslide affected stretch of the project road was in the curve. The rainwater of
this entire stretch was collected in the existing side drain and was discharged in the
nearby culvert. However, due to choking of the side drain and stretch being in curve,
the entire rainwater started accumulating in and around curved portion and overflown
to the valley side resulting severe surface erosion. Further, the water entered through
the cracks developed during earthquake caused significant increase in hydrostatic
pressures in the valley slope. These collectively increased the shear stress of the
slope and resulted collapsing of slope on valley side of existing road.

Material Condition of Valley Slope

Generally, the slope is made of loose unconsolidated material and covered by thin
unconsolidated scree deposits at “Tindharia” area. Weathered and fractured rock
with unfavorable joints allowed rainwater to percolate inside and building up excess
pore water pressure and reduced the shear strength along the joint planes. The slope
geometry was quite unfavorable as the existing natural slope was steep and its height
was moderately high (average height ~50 m).
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Investigations of Landslide Affected Area

Following various engineering investigations were carried out to prepare the detailed
restoration proposal for the landside affected location of “Tindharia I”.

Topographical Survey

A detailed topographical survey was carried out at the affected stretch of NH 55, viz.
from km 50 + 155 to km 50 + 187 at “Tindharia I”’. Main topographic attributes
were generated based on digital terrain model (DTM) including preparation of the

“contour maps”, “plan”, and “cross sections” covering hill and valley slope details
at frequent intervals along the affected stretches at “Tindharia I”.

Geological Investigations

The geological and geotechnical investigations were undertaken along the landslide
affected stretch at “Tindharia I”.

Regional Geology. The geology of Darjeeling and Sikkim is varied and complex than
the rest of the Himalayan terrain. The intense tectonic activity experienced during
Himalayan orogeny has left their impressions on rocks in the form of intricate folds,
faults, and thrusts. The rocks between the foothills and Tethys Himalaya consist
of several different groups, ranging in age from Pre-Cambrian to recent and include
rocks of all the three genetic groups, namely igneous, sedimentary, and metamorphic.
The tectonic units of Darjeeling and Sikkim Himalaya occur in a reverse order of
stratigraphic superposition by Siwaliks in the south, followed by thrust sheets of
Gondwana, Buxa, Dalings, and Darjeeling group, etc., toward north. The contact
between different groups is marked by thrusts dipping at high angle toward north.
The Daling group occupies the large area of Teesta valley and forms a dome below
the Darjeeling gneiss. The most important main tectonic unit is the E-W trending
north dipping thrust called main boundary thrust (MBT) which crosses the main river
Teesta near “Kalijhora Township”.

Geology of Project Area. The project area is occupied by “Daling group”. The
groups of rocks are represented by chlorite schists, slaty quartzite, quartzite, etc.
The most important formation of Daling group of rock is observed in this area—
Reyang Formation comprising graywacke type of slaty quartzite, moderately hard,
and massive. Three generations of folding are discernible in this rock group. The
older planar structure is bedding schistosity (S1) cofolded with quartzite interbeds
into tight isoclinal fold (F1), and second generation (F2) folds are tight overturned
structures of recline type. The last generation of fold is open and broad controlling
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the topography. The foliation strike of rock swings from NE-SW with dip varying
from 35° to 65° toward NW to north; major joint sets in rocks are given below:

(1) N-S strike with 30° dip toward west
(i) NE-SW strike with 65° dip toward SE
(iii) Foliation joint with very close spaced varies from 5 to 10 mm.

Geotechnical Investigations

A comprehensive geotechnical exploration work covering detailed field and labo-
ratory investigation was carried out at the landslide affected stretch of “Tindharia
I’ in between km 50 + 155 and km 50 + 187 for doing the engineering charac-
terization and assessment of the subsurface conditions there. Totally, three numbers
of boreholes, namely BH-1A, BH-2A, and BH-3A of depth varying from 30.00 to
45.00 m, were conducted during October to November 2013 along the valley slope.
The borehole “BH-1A" was close to the toe of the affected part of valley slope,
and the borehole “BH-2A” was explored at some intermediate position within the
slope which was around 23 m below the existing road bench. The borehole “BH-
3A” was conducted at the existing road bench, i.e., at top of the landslide affected
valley slope. The field investigation work consisted of soil borings and rock drillings,
conducting in-situ tests, collecting and preserving soil, rock and water samples, and
field records of the subsurface conditions and special phenomena including position
of ground water table (if any). The laboratory testing program covered testing of
samples (soil, rock, water) as collected from exploration of site to characterize the
geological as well as geotechnical engineering properties. The field and laboratory
testing works had been performed as per stipulations of latest version of relevant of
“Bureau of Indian Standards (BIS)”.

Ground water table (GWT). The “ground water table” was not recorded in none
of the boreholes drilled during the investigation along the affected valley slope at
“Tindharia I’. However, for designing the restoration measures of landslide affected
valley slope, the water table was considered at exposed surface of valley slope antic-
ipating the fluctuations in the measured water levels due to seasonal variation and
corresponding to the critical condition which may arise during or immediately after
the monsoon in the serviceability life of the restored valley slope.

Subsurface stratifications of affected valley slope. The site-specific subsurface
conditions have been characterized based on the data obtained through various field
and laboratory tests which were conducted under geotechnical investigation works.
The subsurface layer profile consisted of following four numbers of strata as found
through the investigation at the affected stretch of “Tindharia I (km 50 4 155 to km
50 4 187)”.

e Layer I: Filled Up Soil of variable thickness, i.e., 1.95-4.55 m
e Layer II: Completely Weathered Rock of thickness 7.45 m
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e Layer III: Completely Weathered Coal Band of thickness 4.95 m
e Layer IV: Completely to Highly Weathered Fractured Rock of variable thickness,
18.00-37.50 m.

The presence of various subsurface layers and its thickness including the range
of engineering properties as explored, namely field SPT (N) values (blows/300 mm
penetration), type of soil and rock, total core recovery (TCR), rock quality designation
(RQD), rock crushing strength, rock mass rating (RMR), and the class of rock layers
as per its RMR along the valley slope at “Tindharia I’ is given below in Table 11.1.

From the above table of engineering properties of subsurface layers, it can be noted
that there are “Filled up Soil” at top of all the boreholes with highest thickness in case
of the borehole, namely “BH-1A” at the toe of affected valley slope, where the slipped
materials were accumulated during landslide. The layer of “Completely Weathered
Rock” which is basically the “Residual Soil” found in dense condition only at the
borehole, namely “BH-1A” below the deposition of top layer of “Filled up Soil”.
There is presence of 4.95-m-thick completely weathered layer of “coal” as found in
between the layer of “Completely to Highly Weathered Fractured Sandstone” only
in borehole, namely “BH-3A” which was explored at top of road bench affected due
to landslide. The bottom most explored layer is “Completely to Highly Weathered
Fractured Sandstone” which was found in all the three nos. of boreholes, and the
quality of this layer is poor to very poor rock mass as per the RMR based on rock
mass classification (Bieniawski 1989) [1] givenin IS 13365 (Part 1):1998 (Reaffirmed
2021) [1].

Material Investigations

Material investigations were carried out to find the suitability and availability of
different construction materials like “riverbed material (RBM)”, sand, aggregates,
and stone dust to be used in the proposed restoration scheme. The relevant labo-
ratory tests for various engineering parameters like grain size analysis, Atterberg’s
limits (LL, PL, and PI), CBR test, compaction tests, and relative density tests were
conducted for different materials as identified from the related sources. Shear strength
tests parameters (i.e., cohesion, ¢, and angle of shearing resistance, i.e., ¢) for “RBM”
material samples are determined from “Direct Shear Test” using large-size shear box
as per the relevant BIS guideline. Table 11.2 summarizes the results of various labo-
ratory tests as conducted for the selected construction materials used for restoration
work.

The “riverbed materials (RBM)” were used for the selected reinforced backfill in
the rebuilding of the landslide affected valley at “Tindharia I”.
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Table 11.2 Range of engineering properties of construction fill materials used at “Tindharia I”’

Location

Description of
material

Compaction test

Relative density test

Shear strength
parameters

tested at OMC
and 95% MDD
for “RBM” //
On remolded
sample
compacted at
80% of
“maximum dry
density” for

“sand”
MDD |OMC | Maximum/minimum | ¢ ]
t/m3) | (%) dry density (t/m?) | (deg)

(m®)
Riverbed materials (RBM)
Dudhia (Mirik) Gray non-plastic | 2.16 6.60 - 2.3 47
Matigara (Balason (NP) sand Wl.th 2.13 6.75 - 2.7 39
river) gravels and little

———————|fines

Champasari 2.08 7.00 - 4.3 36.5
(Mahananda river)

River sand

Matigara (Balason | Gray sand with | — - 1.885/1.566 0.0 35
river) gravels

Hydrological Investigations

Hydrological investigations were carried out to identify the existing streams, tributary
and drainage path, to study the drainage requirement, to determine the drainage
pattern and paths, and also to channelize the flow on the downstream side for the
erosion protection of slope. Based on the hydrological survey, additional surface and
subsurface drains and new proposed culverts (if any) along with its protection on the
downstream valley slope side were suggested.

Design of Restoration for Landslide Affected Valley Slope

The detailed cross section comprising hill and valley side slopes including the inter-
mediate road bench, properties of proposed newly added fill material as identified,
and lastly the subsurface stratifications along the slopes are basic input parameters
to carry out the analysis and design for assessing the behavior and performance of
the proposed slope restoration during construction and service life. The subsurface
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Table 11.3 Engineering properties of selected fill materials used at “Tindharia I”

Type of fill material | Description of material Bulk unit weight, i.e., | Shear strength
Yb parameters
(tUm?) . s
(tm?) | (deg)
Riverbed material | Gray sand with gravels and | 2.10 0 34
(RBM) fines

properties along the affected stretch at “Tindharia I” were based on the information
obtained through specific boreholes in the particular location.

Proposed Slope Geometry

The geometry of the proposed slope included the finished road top width of 12.00 m
at “Tindharia I’ in between 50 + 155 km and 50 + 187 km. The total height of
proposed restoration considered at design stage (2015) was 30.00 m for the location
of “Tindharia I”. It consists of total three tiers of steep slope having angle of 65° to
horizontal along with 3.00-m-wide intermediate horizontal berm at every 10.00 m
intervals in between 50 + 155 km and 50 4 187 km. Considering the scarcity of
suitable non-plastic frictional granular fill material in the hills, a slim section for
the newly added part of the rebuilding of valley slope has been adopted there at
“Tindharia I”’.

Engineering Properties of Fill Material

The engineering properties for the selected reinforced fill material are furnished in the
Table 11.3. All the material properties as considered are based on the test results of the
collected samples from the identified nearby identified borrow area sources namely
“Dudhia Lower” and “Matigara” both from “Balason River” and “Champasari” from
“Mahananda River”.

Geotechnical Engineering Parameters for Subsurface
Stratifications

The geotechnical engineering parameters for the subsurface stratifications of the
affected valley slope at “Tindharia I as considered in analysis and design of the
proposed restoration work are indicated in Table 11.4.
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Table 11.4 Geotechnical engineering parameters of subsurface stratifications along the affected
valley slope at “Tindharia I”’

Layer no. Description of Thickness of layers Bulk unit Shear strength
layers (m) weight, i.e., parameters
Vb c &
3
(W) (¥m?) | (deg)
I Filled up soil 2.00-4.50 1.80 0 32
1T Completely 7.45 1.80 5 29
weathered rock
I Completely 4.95 1.80 0 24
weathered coal
band
v Completely to 18.00-37.50 2.10 10 29
highly weathered
fractured rock

The geotechnical design parameters of the various subsurface layers of soils and
rocks as mentioned above were selected based on local geology and also using
the available site investigation results with an effort to simulate the site condi-
tion applying past experience and engineering judgment corresponding to critical
conditions of valley slope.

Design Analysis of Restoration Works

The design of restoration works for the affected valley side slope consisted of doing
the slope stability analysis by considering total height of slope including the valley as
well as hill side with due satisfaction of adequate factor of safety against all possible
modes of failure in static and seismic conditions. The relevant FHWA [2, 3], BS
[4], and IRC codes [5, 6] and guidelines given under “Section 3100 and 3200 of
MORT&H technical Specifications, Fifth Revision, 2013” [7] on “reinforced soil
slope” including “soil nailing” were followed while doing the design of hybrid slope
considering the provisions of steel reinforcement nailing in the existing slope portion
and also by using polymeric reinforcement in the newly added multi-tiered soil mass
for the valley side.

Slope stability analysis. At DPR stage, the “limit equilibrium method (LEM)” of
slope stability analysis was carried out using “Bishop’s modified method” against
“rotational” mode of failure along the potential slip circles in accordance with IRC-
75 [5] on effective stress concept considering the maximum height of the slopes for
the particular zone to assess the global stability (slope, toe, and base) of the slopes.
The “translational” mode of slope failure was also analyzed by using “two wedge
method of analysis” as per “simplified methods of Spencer”. The “Seismic Zone IV”
was considered in design of restoration work at “Tindharia” along NH 55 in West
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Table 11.5 Summary of slope stability analysis of “existing slope” at “Tindharia I”’
Maximum Top width of | Mode of failure | Values of pore | Factor of safety | Remarks
height of valley | existing road | analyzed water pressure | for slope
slope (m) coefficient, i.e., | stability
(m) Tu Static | Seismic
30 5.00 Rotational ~0.50 096 |0.75 Unsafe

Bengal. The slope stability was checked considering pore water pressure coefficient,
i.e., r, as 0.50. The slope stability was also checked considering water table along the
existing slope. As per FHWA document no FHWA-NHI-10-025 [3], the minimum
“factor of safety (FOS)” was kept as 1.30 in static condition and 1.0 in seismic
condition. The “limit equilibrium method (LEM)” of slope stability analysis was
carried out using the software, namely “RESSA (Version 3.00)” (developed by M/s.
Adama Inc., USA and recommended by FHWA, USA). The “traffic load”, i.e., “live
load surcharge” over the existing intermediate road bench was considered as 2.50
ton/m?. The minimum “factor of safety (FOS)” obtained from slope stability analysis
for “existing slope” as it was present after the occurrence of landslide at “Tindharia
17, i.e., the stretch in between km 50 + 155 and km 50 + 187 is summarized in Table
11.5.

From the above table, it can be noted that in the stretch from km 50 + 155 to 50
+ 187, the FOS in slope stability under static and seismic conditions was found as
0.96 and 0.75, respectively. So, the existing slope at the landslide affected area of
“Tindharia I’ was found unsafe in stability both under static and seismic conditions.

Since the existing road was proposed to be widened in stretches from 50 4 155 km
to 50 + 187 km at “Tindharia I”, the stability analysis was carried out considering the
proposed widening. To keep the proposed steep slope of valley side stable, multiple
layers of required grade of polymeric reinforcement at designed vertical spacing
were suggested inside the newly widened part of valley slope mass. The proposed
reinforcement inside the added valley side fill helped in increasing the stability of
new slope. The results of stability analysis of widening part of valley slope with only
the layers of polymeric reinforcement and no provisions of reinforcement in existing
slope are presented in Table 11.6.

The results of analysis for the steep valley slope only with polymeric reinforcement
show that the FOS in slope stability (both in rotational and translational modes) for the
condition of water saturation line along the existing slope and also for the condition
of pore pressure coefficient ‘r,” as 0.50 was less than 1.30 in static and 1.00 in
seismic conditions. Hence, the proposed section only with polymeric reinforcement
was found unsafe in slope stability (both in rotational and translational modes) under
static as well as seismic conditions.

To keep the new valley side slope stable, steel nailing was proposed in the existing
slope along with fill soil reinforcement in the form of polymeric reinforcement inside
the proposed widened part of slope. The provisions of soil nailing in the existing slope
mass helped in the following ways.
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Table 11.6 Summary of slope stability analysis of “proposed slope” made only with polymeric
reinforcement at “Tindharia I”

Maximum | Angle of | Top Mode of Values of | Factor of safety | Remarks
height of | valley width of | failure pore water | in slope stability
valley slope with | finished | analyzed pressure
slope horizontal | road coefficient,
(m) (deg) (m) ie. ry

30 65 12.00 Rotational ~0.50 1.04 |0.89 Unsafe

Water 0.89 |0.76
saturation
line along
existing
slope
Translational | ~0.50 145 |1.22 Marginally

Water 109 111 |safe
saturation
line along
existing
slope

Static | Seismic

a. Increasing the stability within the existing slope after adding the newly proposed
selected fill over existing slope

b. Integrating the proposed slope with the existing slope for getting the enhanced
stability of the newly added reinforced valley slope.

The results of stability analysis of widening part of valley slope with polymeric
reinforcement in the newly added selected fill and also with soil nailing within the
existing slope behind the newly added valley slope are presented in Table 11.7.

The results of analysis of the valley slope with proposed polymeric reinforcement
and steel nails show that the FOS in rotational stability for the condition of pore
pressure coefficient ‘r,” as 0.50 was greater than 1.30 in static and 1.10 in seismic
condition. Hence, the proposed model was found safe in rotational mode of slope
stability both in static and seismic conditions. The slope stability was also checked
considering water table along the existing slope which signifies the exceptionally
worst condition; even in such scenario, the FOS was found as more than 1.20 and
1.00, respectively, under static and seismic conditions. Again, the valley slope was
checked for its translational stability and FOS in that analysis was found as greater
than 1.30 in static and 1.0 in seismic conditions. Hence, the proposed model was
also found safe against translational mode of failure.

Design of soil nailing including its facia. The design of soil nailing and its facing
as proposed for strengthening of the existing valley slope mass of landslide affected
stretch at “Tindharia I’ was done following the guidelines as given in FHWA publi-
cation, namely FHWA-0-IF-013-017 [2]. The following checks were done under
design of proposed “drilled and grouted steel nail”.
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Table 11.7 Summary of slope stability analysis of “proposed slope” made with “polymeric
reinforcement” and “soil nailing” in “existing slope” at “Tindharia I”

Maximum | Angle of | Top Mode of Values of | Factor of safety | Remarks
height of | valley width of | failure pore water | in slope stability
valley slope with | finished | analyzed pressure
slope horizontal |road coefficient,
(m) (deg) (m) ie.,r,

30 65 12.00 Rotational ~0.50 1.30 | 1.10 Safe

Water 1.21 1.00
saturation
line along
existing
slope
Translational | ~0.50 1.75 1.42 Safe

Water 1.57 1.35
saturation
line along
existing
slope

Static | Seismic

Tensile capacity. The maximum required tensile capacity for the steel nails as found
through the “stability analysis” was 200 kN which was duly satisfied corresponding
to the “factor of safety (FOS)” of 1.80 by proposing the 28 mm diameter of HYSD
steel bar having minimum yield strength of 650 Mpa at the required vertical and
horizontal spacing all along the exposed surface of the affected valley slope.

Pull-out capacity. The maximum tensile force of 200 kN as estimated for the steel
nails through the “stability analysis” was duly satisfied corresponding to “allowable
pull-out capacity” which was found by applying the “factor of safety (FOS)” of 2.0
over the “ultimate pull-out capacity” of the recommended 28 mm diameter HYSD
steel reinforcement nail having the desired effective length of anchorage beyond the
failure wedge.

Facia of steel nail. The facing of the steel nail was recommended to have the “metal
bearing plate” of size of 200 mm x 200 mm having thickness of 20 mm, and the
bearing plate was proposed to be placed over the prepared base at the projected head
of the steel nail. The head of the nail was proposed to be tightened with steel nut and
washer and also to have the adequate arrangement to properly connect the polymeric
reinforcement proposed to be used for the newly added valley side fill.

Design Recommendations on Restoration Work as Per DPR

The proposed restoration work for the landslide affected valley slope at “Tindharia
I” (km 50 4 155 to km 50 + 187) consisted of the following major items.
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Reinforced slope of newly added fill. The multi-tier (three nos.) reinforced slope
having angle of 65° to horizontal with 3.00 m horizontal berm at every 10.00 m
intervals was proposed for the total 30-m-high newly added valley side fill at “Tind-
haria I”’. The steep slopes of 65° at all the tiers were proposed to be constructed with
suitable type of polymeric reinforcement (geogrid/geostrap/geostrip) of minimum
10.00 m length at vertical spacing of 0.500 m c/c and having minimum “long-
term design strength (LTDS)” as 100 kN. The proposed polymeric reinforcements
were to be satisfied the requirement given in “Clause 3103.7 under Section 3100 of
MORT&H Technical Specification, Fifth Revision, 2013” [7]. The reinforcements
were to be connected to steel mesh facing with mechanical/positive connector as per
the guidelines given in “Clause No. 3107.4 under Section 3100 of MORT&H Tech-
nical Specification, Fifth Revision, 2013” [7]. Minimum 0.500-m-thick hard facing
of boulder filling with outer protection by hard steel mesh facing was proposed. This
steel mesh facing was to be protected with erosion control mat. Reinforced soil slope
systems consisted of planar reinforcements arranged in nearly horizontal planes in
the reinforced fill to resist outward movement of the reinforced fill mass. Facing
treatments were applied to prevent unraveling and sloughing off the face. The poly-
meric reinforcements helped in increasing the stability of the newly added slope. The
multi-tier slope was adopted to keep the newly added portion of valley restoration
measure thinner by following the shape of existing slope. Since the project area falls
in “Seismic Zone IV”, so flexible structure like reinforced soil slope was proposed
for the valley slope restoration.

Nailing of existing valley slope. The adopted slim section resulted in less length
of polymeric reinforcement than normally required for the heavier thick section. To
make the slim section stable against all different modes of failures, the soil nailing was
suggested to be done into the existing slope. Soil nailing consisted of the passive rein-
forcement (i.e., no post-tensioning) of existing ground by installing closely spaced
steel bars (i.e., nails) which were subsequently encased in grout. Soil nailing helped
in increasing the stability of the entire valley slope globally, and it also helped in inte-
grating the newly built-up slope with the existing slope. The analysis of failure modes,
initial design consideration, and other design considerations for the soil nailing as
given under relevant clauses of “Section 3200 of MORT&H Technical Specification,
Fifth Revision, 2013” [7] was followed. Minimum 28 mm diameter HYSD steel rein-
forcement bars having minimum yield tensile strength of 650 MPa (i.e., minimum
ultimate strength 750 MPa) and length of 15 m and 20 m, respectively, for the top
one tier and remaining all the bottom tiers of newly added valley slope were recom-
mended. The steel reinforcement nails were proposed to be provided at vertical and
horizontal spacing of 2.00 m and 1.00 m c/c, respectively, and at an angle of 10° with
horizontal in downward direction all along the exposed surface of the weathered rock
present at the affected valley slope at “Tindharia I”’. The proposed steel nails for the
existing slope were to be connected mechanically to the polymeric reinforcement of
the newly added slope so that the tensile force generated within the fill reinforcement
can be fully transferred to the steel nails during any sign of outward movement of
the valley slope.
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Chimney drains at interface of existing and widened valley slope. Subsurface
drainage arrangement in the form of “chimney drain” was proposed for draining out
of the entrapped seepage water from the existing slope at the back of newly added
slope. Chimney drain was to be of 600 mm thickness and should be consisted of
stone or gravels of size 2040 mm and covered with layer of non-woven geotextile
filter fabric. Finally, these chimney drains were to be connected by 160 gsm non-
woven geotextile filter fabric of “Type I grade (severe installation condition)”, as
mentioned in “Section 700 of MORT&H Technical Specification, Fifth Revision,
2013 [7], wrapped perforated PVC pipes to drain water toward outside of the slope.
The draining out of seepage water from the existing slope mass would help in reduc-
tion of pore water pressure inside the slope which was resulted in enhanced stability
of entire slope.

Erosion control measures. To prevent the erosion, the “Gabion” mattress was
proposed below toe of the reinforced slope for a length of 25.00 m. Gabion mattresses
were to be wire mesh boxes of 0.30 m height filled with materials of boulder size.
At the end of above said 0.300-m-thick “Gabion mattress”, one “erosion control
mat” was also recommended below the toe of proposed restoration work of rein-
forced valley slope to prevent the erosion of the slope at its bottom part. Erosion
control mat was also suggested all along the outer surface of newly added reinforced
slope. Erosion control mats are made up of naturally available materials like coir/jute.
Natural vegetation would be encouraged on the erosion control mats with seeding of
plants.

Sealing of tension cracks. Tension cracks were found present at the existing road
bench level and also above of it due to the occurences of landslides along the stretch of
“Tindharia I”’. These were produced due to strains caused by the incipient mass move-
ments and were thus indicators of impending instability. Cracks had been observed
with widths ranging from a few millimeters to as much as few centimeters or more.
These open cracks served as a direct path for infiltration of surface runoff water,
enabling it to reach deep into the slope mass, thereby further decreasing the “factor
of safety (FOS)” in stability of the slope. It was, therefore, important to seal tension
cracks effectively to prevent any ingress of water. As part of the remedial measures
against any future instability, the tension cracks were to be sealed as per the guidelines
given in “Clause No. 11.7.5 of IRC SP: 48-1998” [8].

The above stated different items of restoration work for the landslide affected
valley slope at “Tindharia I’ as recommended during DPR stage in 2015-16 are
shown in “Fig. 11.5”.

Design Confirmation at Construction Stage

The restoration work for the landslide affected valley slope was done by the project
contractor during the period 2017-2020, and the maximum design height of reha-
bilitations was considered as 34.023 m there along the stretch in between the 50 +
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Fig. 11.5 Restoration measures for landslide affected valley slope at “Tindharia I”” as per DPR

155 km and 50 + 187 km at “Tindharia I”” based on the latest topography of the area.
The design recommendations of restoration work for the affected valley slope as
given by the consultant based on the detailed study undertaken in DPR stage during
2015-2016 were duly verified and confirmed by the specialized contractor at the
time of actual execution.

Design Analysis of Existing Valley Slope Reinforced with Steel
Nails

The design aim was to arrive at a soil nailing layout to ensure stability during construc-
tion. Additionally, each nail should be capable of resisting local stresses acting on
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Fig. 11.6 Typical failure
surface of analysis using the
steel nails in existing slope.
Courtesy M/s. Reinforced
Earth India Pvt. Ltd

it. The relevant mode of failure for stability analysis was rotational failure either
partially or totally through the soil nail block involving breakage and/or pull-out
of soil nails. The method adopted for the purpose of assessing failure mechanism
was “limit equilibrium method (LEM)” of slope stability analysis using “Bishop’s
modified method”. Typical failure modes are shown in Fig. 11.6. The soil nail and
hot dip galvanized welded mesh (TerraNail®) provides complete resistance against
anticipated sliding from the back of slope, offers significant contribution to global
and surface stability, and hence, later transferred no retained pressure to reinforced
soil (TerraLink®) structure. The minimum factor of safety (FOS) for the maximum
restored height of 34.023 m of existing slope using the pattern of nails as proposed in
DPR was found as 1.47 under “static” condition with due considerations of critical
position of water table.

Design Analysis of Reinforced Earth® Composite Slope
Structure

Since the maximum total height of valley slope restoration was 34.023 m, so total
four tiers of “reinforced earth composite structure” comprised of 10 m height of first
three tiers from the top of existing road bench, and then remaining 4.023 m height
of bottom most tier was adopted at site. The reinforced earth composite structure
had been designed in two stages, the internal checks of reinforced soil structure for
calculating the required soil reinforcement including checks for the soil nails against
both tension and pull-out and external checks by “rotational stability”” method. The
tension in the soil reinforcement had been calculated by internal stability analysis
by considering the effect of inclination and the skin friction and validated by finite
element modeling (FEM). The overall stability was then checked by ‘“rotational
stability method” under “limit equilibrium method (LEM)” of slope stability analysis
for both static and seismic load conditions. The minimum factor of safety (FOS) in
“slope stability analysis” through LEM approach for the maximum height of slope
having the design recommendations of the soil reinforcement and steel nailing as
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Fig. 11.7 Typical failure surface of analysis for “reinforced earth composite slope” at “Tindharia
I”. Courtesy M/s. Reinforced Earth India Pvt. Ltd

given in DPR was found as 1.37 and 1.14 under “static” and “seismic” conditions,
respectively, with due considerations of critical position of water table in the slope.
The typical failure surface in the “slope stability analysis” for the “reinforced earth
composite slope structure” under the “seismic condition” is shown in Fig. 11.7.

The typical detailed cross section of the maximum height of rehabilitated valley
slope at “Tindharia I”” is presented here in Fig. 11.8.

Sequences of Restoration Work of Valley Slope at Tindharia
I

There were several challenges faced during construction stage which includes surface
and subsurface drainage, safety and traffic management during construction, space
constrain, absence of any access road, difficulties in drilling through challenging
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completely to highly weathered rocky strata, and presence of seasonal water table.
Suitable construction method has been adopted to overcome all these challenges.

The construction sequences of the proposed restoration work as followed at site
of Tindharia I’ are given below.

Stabilization of Existing Slope Using Nails by Top-Down
Construction

The unstable existing valley slope had been stabilized by installing “steel nails”
at designed vertical and horizontal spacing. The installation of nails was done by
adopting top-down drilling more specifically down the hole (DTH) method from the
hanging platform keeping in mind the safety of the workers during construction and
safety of the running traffic on top. Since at the start of construction, there was no
approach road available, the surface cleaning was done manually by hanging from
top, and then drilling activity was started at 3 m level from top. It was extremely
challenging due to the presence of loose stone, boulders, and overburden fill material
at top 5—-10 m depth. Several methods had been adopted to overcome the challenges.
The two common methods adopted were using steel casing to prevent collapsing of
soil or consolidation grouting for stabilization of drill hole. The presence of water
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Fig. 11.9 Activity of
surface cleaning, drilling,
and fixing of welded wire
back mesh simultaneously
with soil nailing of existing

valley slope at “Tindharia I”’.

Courtesy M/s. Reinforced
Earth India Pvt. Ltd

Fig. 11.10 Drilling and
installation of soil nail by
top-down method at existing
valley slope “Tindharia I”.
Courtesy M/s. Reinforced
Earth India Pvt. Ltd

A. K. Mandal et al.

table and high pore pressure also made the situation worse during drilling activity. The
face of the cut slope was protected by fixing galvanized welded wire mesh underlying
with a layer of non-woven polypropylene geotextile filter simultaneously with soil
nailing activity. This ensures stability of the slope and face during construction.
Figures 11.9 and 11.10 show the above stated activities of existing slope stabilization

using the steel nails.

Installation of Semi-perforated Drainage Pipes Inside

of Existing Slope

The water table was stabilized by installing 75 mm diameter perforated pipes deep
inside the soil (15-20 m) by drilling at different level. The perforated pipes were
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Fig. 11.11 Pull-out test on
the steel nailing of existing
valley slope. Courtesy M/s.
Reinforced Earth India Pvt.
Ltd

installed after completion of all grouting activity for the soil nails above the respective
pipe levels. This was to ensure that the pipe perforation should not get blocked during
grouting activity. The installation of these perforated pipes helped in release of excess
hydrostatic pressure.

Pull-Out Test of Nails

Total three pull-out tests were conducted on the sacrificial steel nails at different
depth to validate the bond strength considered in design. The test was terminated
after reaching the bond strength of 200 kPa as considered in the design of nail. The
result was found satisfactory as no displacement noticed during the test. The typical
“pull-out test” in progress for the steel nails is shown in “Fig. 11.11”.

Widening of Valley Slope by Reinforced Earth® Composite
Technology (TerraLink®)

The construction of composite “Reinforced Earth®” structure was taken up after
completion of soil nailing works, fixing of mesh and foundation base stabilization.
The available base width at toe of the structure was less than 2.5 m (Fig. 11.12). The
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Fig. 11.12 Base level of
TerraLink® structure before
start of filling and
compaction. Courtesy M/s.
Reinforced Earth India Pvt.
Ltd

construction was a big challenge due to lack of space and difficulty in transporta-
tion of materials. By providing the true “mechanical connection system” using high
adherance “Geostrap” soil reinforcement between the metal grid facing and the soil
nail, it was possibly made to design and construct such large retaining structure on the
limited available base width. The riverbed material (RBM) had been used as fill mate-
rial which is mostly coarse sand, and fine content is less than 10% as it was selected
from the nearby sources during the DPR study. The riverbed materials were stored at
top and then manually dumped in hopper which slides down through the chute at the
base level. The HA GeoStrap® soil reinforcement was then connected directly with
the soil nail face and the welded wire mesh facing. The stones were placed behind
mesh along with non-woven geotextile. The fill materials were then spread behind
stone filled facing and compacted using small baby roller and/or plate compactor.
This method of layer-by-layer installation of welded wire mesh, laying of soil rein-
forcement, placement of boulders with non-woven geotextile, filling, spreading, and
compaction of fill material continued till the structure was completed up to the finish
level of widened bench of the road.

Quality Control in Restoration Work of Valley Slope

All the relevant quality control laboratory tests for various engineering parameters
like gradation, Atterberg’s limits (LL, PL, PI), compaction tests, relative density
tests, and shear strength tests parameters (i.e., cohesion, c, and angle of shearing
resistance, i.e., ¢) for the selected borrow fill (RBM) material were conducted as
per the relevant BIS guidelines and satisfying the frequency of tests as specified in
the “MORT&H Technical Specification, Fifth Revision, 2013” [7]. The density of
compacted reinforced fill was also checked in required frequency so that it meets the
requirement as per the project specifications. The load testing of the steel nails was
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conducted as per guidelines given under “Clause no 3210 of MORT&H Technical
Specification, Fifth Revision, 2013” [7] after installation of the designed grade and
length of nails.

Summary

This paper discusses the detailed investigation, design philosophy, and construction
methodology as undertaken for the restoration of the landslide affected valley slope
of moderate height of 30-34 m at “Tindharia I (km 50 + 155 to km 50 + 187)”
along the project road of NHS55 in the state of West Bengal. The detailed engineering
investigations and design of valley slope restoration works in the form of “hybrid
reinforced soil structure” by using polymeric reinforcement in the newly added steep
multi-tiered valley fill and connecting the fill slope reinforcements with designed
grade and length of steel nails, which were proposed to be drilled and grouted inside
the existing valley slope, were carried out by following the available guidelines of
FHWA [2, 3], BS [4], IRC [5, 6], and “MORT&H Technical Specifications” [7]
during the DPR stage in 2015-16 which are described here at the earlier part of the
paper. The restoration measures as proposed during DPR also included the provision
of adequate surface and subsurface drainage measures, erosion protection measures,
and sealing of the surface cracks with suitable filling material as generated due to
the occurrence of landslide at the existing road bench and also on the hill slope
portion. The confirmation of the DPR design recommendations and subsequent to
that the construction of the restoration work as implemented in sequences during
the period of 2017-2020 by the project contractor is presented in detailed manner at
the later part of the paper. The detailed quality control measures as per the available
BIS, IRC [5, 6], and MORT&H [7] guidelines throughout entire rehabilitation works
for the landslide affected valley slope at “Tindharia I’ were adopted. “Fig. 11.13”
shows completed restoration works as undertaken at the landslide affected valley
slope of “Tindharia I". It is to be mentioned that a detailed recommendation on
monitoring the behavior of the valley slope structure during its construction and
also in post-construction say serviceability period of minimum 3 years by installing

CLINT3

various geotechnical instrumentation, namely “slope inclinometer”, “strain gauges”,
“earth pressure/load cells”, “piezometers”, and “settlement gauges”, was planned
in DPR. In reality, the physical monitoring of valley slope during the restoration
work and after its completion was undertaken by using the normal survey equipment
at “Tindharia I”. However, till date no deformation of the restored valley slope at
“Tindharia I” is observed, and the widened road bench as made in rehabilitation
works is serving well for the local inhabitants and plying traffic along NH 55 in West

Bengal.
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Fig. 11.13 Completed restoration work for valley slope at “Tindharia I” on NH55 (Courtesy: M/s.
Reinforced Earth India Pvt. Ltd)
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Chapter 12 ®)
Effect of Hysteretic SWCC ez
on Marappalam Rainfall-Triggered Slope
Failure

Nallabothula Mounika (®, Ammavajjala Sesha Sai Raghuram®,
B. Munwar Basha®, and Arif Ali Baig Moghal

Introduction

Rainfall-triggered slope failures are the most common natural hazards across the
world and cause significant damage to the infrastructure. The main cause of these
slope failures is attributed to the rapid infiltration of rainwater and an increase in
positive pore water pressure (PWP) within the soil. The failure surface of these
slopes may lie in the unsaturated zone. The behavior of soil in the unsaturated zones
depends upon the soil water characteristics curve (SWCC). The relation between soil
water content and soil suction is given by SWCC. Limit equilibrium (LE) methods
are more commonly used tools for analyzing slope stability. The conventional slope
stability methods assume that PWP is either positive or zero along the failure surface.
The water content along critical slip surface and within a slope usually varies under
rainfall conditions. Even the negative PWPs may exist. As a result, this assumption
could lead to an error in the estimated shear strength value which ultimately reflects
in arriving at the non-reliable factor of safety values. Therefore, when analyzing
slope stability under rainfall conditions, the soil suction must be taken into account.

In general, deterministic analyses are employed to compute the stability of slopes
under rainfall conditions, which does not take into account the variability of soil prop-
erties. Variability of soil properties has a considerable impact on the slope stability
analysis, especially in the case of slope failure due to a decrease in soil shear strength
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by rainfall infiltration. The SWCCs obtained by drying and wetting the soil specimen
methods are not identical [1]. In addition, the suction component in wetting SWCC is
always lesser than in drying SWCC at a constant value of water content. The present
works aims to study the behavior of slopes to drying and wetting cycles caused by
rainwater infiltration.

Several researchers investigated the influence of rainfall on the stability of slopes
[2-6]. Rahardjo et al. [7] investigated the impact of hydraulic factors on homogenous
slope stability and concluded that saturated hydraulic conductivity has a significant
impact on slope stability under rainfall. Li et al. [8] observed that the combined effect
of rainfall intensity and saturated hydraulic conductivity governs slope stability under
wet conditions. In general, drying SWCC is considered for the analysis of slope
failures under rainfall conditions. Moreover, the wetting SWCC fitting parameters
are generally ignored for the analysis of slopes under rainfall conditions [9]. On
the other hand, because the topsoil gets wetted during rainfall, ignoring the wetting
SWCC may affect the stability of slopes under these conditions [10, 11].

It is observed from the literature that few studies discussed the importance of
wetting SWCC in the design of slopes. The studies related to wetting-induced slope
failures are limited. Hence, the present study aims to investigate the influence of
drying and wetting cycles on rainfall-triggered slope failures.

Physiological Properties of the Studied Slope

Rainfall-triggered slope failures occur frequently in the Marappalam area during the
rainy seasons, and the rain-induced slope failures of 1993 and 2009 here were among
the most significant in Nilgiris slope failure history. The NH181 National highway
that connects Mettupalayam and Udagamandalam and Marappalam is located on it.
On November 10, 2009, a severe rainfall-induced slope failure occurred in Marap-
palam. A portion of the railway track and NH181 (approximately 100 m) was
damaged as shown in Fig. 12.1.

The geometry of this failure slope is modeled as reported by Senthilkumar et al.
[5], and its mesh generation is illustrated in Fig. 12.2. It can be noted from Fig. 12.2
that the slope angle varies from 18° to 29°. Further, it may be observed that the slope
comprises of heterogeneous soil deposits, i.e., silty sand (varies from 0 to 6 m), dense
sand (6-15 m), and soft rock (> 15 m). Due to insufficient data, the water table is
assumed at the interface of the second and third layers. SLOPE/W software has been
used to model the Marappalam slope. Initially, the analysis has been carried out in
SLOPE/W and then coupled with SEEP/W to perform the seepage analysis.

Material Properties and Boundary Conditions

The SWCC model proposed by van Genuchten [12] is given as
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Fig. 12.1 Road damage due to Marappalam slope failure (Senthilkumar et al. [5])
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Fig. 12.2 Geometry of the Marappalam slope
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Table 12.1 Engineering properties of the Marappalam soils

N. Mounika et al.

Properties Silty sand Dense sand Soft rock
Dry unit weight (kN/m?) 17.72 19.77 28.55
Cohesion (kPa) 15.00 0 0

Internal friction angle (°) 27.00 35.00 55
Saturated water content 0.40 0.40 0.40
Residual water content 0.04 0.04 0.04
Saturated hydraulic conductivity (ks) (m/s) 4 %107 2.1 x 107 1 x 10712

Table 12.2 Drying and wetting fit parameters of SWCC for silty sand and dense sand

Type of soil Drying Wetting
a (kPa) n a (kPa) n
Silty sand 15.00 1.5 7.5 2.5
Dense sand 7.66 1.5 3.8 2.5
0s — 6
Oy = 6 + S (12.1)

[1+ /)7

where ¥ is the matric suction, a is inverse related to air entry value (AEV) and n
is governs the slope of SWCC, 6; is the residual water content, 6y, is the volumetric
water content, and 6 is the saturated water content.

Table 12.1 shows the engineering properties of the soil that are considered in
the analysis (Senthilkumar et al. [5]). The wetting SWCC fitting parameters are
derived from the equations proposed by Likos et al. [11]. Table 12.2 presents the
drying and wetting fit parameters of SWCC. For the transient seepage analysis, the
unsaturated slope model is subjected to the following boundary conditions: The water
flux boundary is used to apply the rainfall intensity (g) on the ground surface. The
rainfall was then simulated using these boundary conditions. A high-intensity rainfall
recorded from 1st to 10th November 2009 has been considered [5]. No boundary
conditions are applied along the sides and the bottom of the slope.

Monte Carle Simulations

The number of successful and failed simulations is counted using an indicator
function. The failure probability (py ap) is given by

SN I(FSwp < 1.0)
N

Prmp = (12.2)
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where N = the number of randomly generated samples. The number of failure events
is counted by the indicator function 7(g(x)) < 0. The value of I (FSyp < 1.0) can
be taken as 1.0 when FSyp < 1 occurs and 0 when FSyp > 1.0 occurs. The reliability
indices can be estimated from Eq. (12.3).

B=o"(1—pswe) (12.3)

where @ is the standard normal distribution function.

Results and Discussion

Figure 12.3 depicts the hysteresis of SWCC. The drying curve is a portion of SWCC
from initial saturation to residual saturation, as shown in Fig. 12.3. A wetting curve
is a curve that starts from a residual condition and progresses to a saturated state
during wetting. It is observed that suction in wetting is always lesser than drying
due to the contact angle effect [1]. Figure 12.4a, b show the effect of drying and
wetting cycles on the stability of the Marappalam slope in unsaturated conditions,
respectively (without rainfall). Further, Fig. 12.4a, b reveal that the difference in
factor of safety (FSyp) computed using drying and wetting cycles is negligible. It is
attributed to low matric suction associated with sand. Therefore, the contribution of
matric suction to shear strength is marginal and has less influence on the hysteretic
SWCC for this slope. As an illustration, the FSyp estimated using drying and wetting
SWCC:s for this slope are 1.85 and 1.83, respectively.

100
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Fig. 12.3 Hysteretic soil water characteristic curve
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Fig. 12.4 a Critical factor of safety of Marappalam slope computed using drying SWCC. b Critical
factor of safety of Marappalam slope computed using wetting SWCC

Influence of Hysteretic Cycles on Factor of Safety

Transient seepage analysis has been performed on the Marappalam slope. The rainfall
data from Ist to 10th November 2009 as presented in Table 12.3 [5] are considered
for the stability analysis. Table 12.4 demonstrates the statistics of the parameters
used in this study. The effect of hysteretic SWCCs on the FSyp of this slope under
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Table 12.3 Recorded rainfall
in from 1st to 10th of
November 2009

Number of days Rainfall (mm/day)
55
5.5
55
55
12
35
30
15
55
175
405

NeRe RN Ne MR i AR SRR )

—_
(=]

rainfall conditions is demonstrated in Fig. 12.5. Results presented in Fig. 12.5 depict
that there is a considerable difference in the FSyp values estimated from drying and
wetting SWCCs under rainfall conditions. It may be observed from Fig. 12.5 that the
FSwmp reduced from 1.82 to 0.94 in the drying case and 1.81 to 0.93 in the wetting
case.

Additionally, it may be noted that there is an insignificant change in FSyp for the
first three days, and thereby, FSyp reduced significantly with the hysteretic cycles
which is attributed to the low-intensity rainfall.

The difference in FSyp obtained from drying and wetting SWCCs increased
significantly from 5 to 8th day as illustrated in Fig. 12.5, as low-intensity rainfall
increased the suction stress in the soil. Hence, due to the contact angle effect, the
suction in the wetting case is found to be less than the suction in the drying case.
Hence, a substantial difference in the FSyp computed from hysteretic cycles is noted.
On the contrary, most of the soil pores get filled with water at high rainfall intensity

Table 12.4 Statistics of the parameters used in the analysis

Type of soil Parameters Mean COV (%) Distribution
Silty sand Dry unit weight (kN/m?) 17.72 5 Normal
cohesion (kPa) 15.00 20
Internal friction angle (°) 27.00 20
Dense sand Dry unit weight (kKN/m3) 19.77 5
cohesion (kPa) 0.00 20
Internal friction angle (°) 35.00 20
Soft rock Dry unit weight (kN/m?) 28.55 5
cohesion (kPa) 0.00 20
Internal friction angle (°) 55.00 20
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Fig. 12.5 Influence of hysteretic cycles on the factor of safety of Marappalam slope

(observed on 10th day) resulting in a negligible difference in the estimated FSyp
using drying and wetting SWCCs.

Influence of Hysteretic Cycles on Reliability Index

Figure 12.6 depicts the effect of hysteretic cycles on the reliability index. The results
shown in Fig. 12.6 demonstrate that the reliability index values are negative during
high-intensity rainfall (i.e., 10th day, at the time of slope failure) which classified the
slope under the hazardous category as per the United States Army Corps of Engineers
(USACE) classification [13]. The negative reliability index values may be attributed
to the consideration of the variability associated with the shear strength parameters.
Furthermore, negative reliability indices may also signifies that the driving forces are
more when compared to resisting forces. Similar, observation was made by Huzefa
and Hegde [14].

Conclusion

This study emphasizes the significance of considering wetting SWCC and variability
associated with the shear strength parameters when analyzing slope stability under
rainfall conditions. The following conclusions are drawn:
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Fig. 12.6 Influence of hysteretic cycles on the reliability index of Marappalam slope

® A considerable difference in the factor of safety (FSyp) is observed when FSyp is
computed using drying and wetting cycles during 5th November to 8th November
in 20009.

e The factor of safety during the time of failure in drying and wetting cases is 0.94
and 0.93, respectively.

e The Marappalam slope is prone to failure as per factor of safety approach and
probabilistic approach.

e At the time of failure, the reliability index values are negative which categorize
the slope performance as ‘hazardous’ as per USACE criteria.

The results have revealed the fact that due consideration must be given to wetting
SWCC and the variability of the shear strength parameters while designing the slopes
under rainfall conditions.
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Chapter 13 ®)
Effect of Antecedent Uniform Rainfall oo
Pattern on the Stability of a Typical
Northeastern Slope

Sreeram Shruthija® and Sudheer Kumar Yamsani

Introduction

The Indian Himalayan region is greatly affected by the frequent occurrence of land-
slides, particularly rain-induced landslides. Out of all the landslides that happen
around the world, 30% of them occur in the Himalayan region (GSI Report, 2016)
leading to a loss of one billion USD, and there is a human life lost every year which is
about 200 people per year. According to the NDMA report (2011), it is estimated that
there is land loss of 120 m/km/yr, leading to a loss of 2500 tons/km? per year because
of landslides. 0.49 million km? is affected by landslides which are around 15% of
India’s land area. Most of the landslides are because of rainfall and earthquakes.

Rain-induced landslides are seen in many parts of the world particularly in the
tropical regions having hot and humid climates [4]. Rain-induced slope failures are
seen in natural slopes, cut slopes, and embankments. Most of the rain-induced slope
failures are shallow with the depth of failure less than 3 m, and the orientation of the
slip surface is parallel to the surface of the slope. Tropical climatic conditions lead
to the formation of residual soils which are usually in partially saturated conditions
[5]. In tropical regions, depth of the water table is greater and hence will have greater
suction. It is observed by many researchers that matric suction has a greater role in
rain-induced slope failures [6]. Most of the rain-induced slope failures occur due
to the wetting front and decrease in matric suction rather than an increase in the
ground water table. Variation of matric suction is affected by climatic conditions
like the intensity of rainfall, duration of rainfall, rainfall pattern, evaporation, and
evapotranspiration.
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As the rainfall infiltrates into the unsaturated soil, the matric suction or the negative
pore water pressure starts decreasing; as a result, the shear strength of the soil is
reduced leading to the failure of the slope. Northeast India has residual soils with
their ground water levels at very greater depths and hence will have large initial
suction values. The shear strength contributed by matric suction is also greater.
Pore water pressures in the soil start changing as the rainfall gets infiltrated; this
leads to variation in the ground water table, variation in pore pressures, and thereby,
the strength contributed by matric suction is also lost. Loss of strength contributed
by suction will result in failure of slope, and hence, the landslides occur. A lot of
research has been done by the researchers in the area of various factors affecting
rain-induced landslides like pore water pressures, properties of soil, the intensity of
rainfall, duration of rainfall, antecedent rainfall (rainfall that occurs before the failure
or it is the rainfall that is experienced by the slope in before), lithology, ground water
table position, hysteresis, matric suction, land use and land cover, improper road
constructions, drainage characteristics, the inclination of slope (angle), the elevation
of slope (height of the slope), and the morphology of the area. There is limited
work that is done in the area of antecedent rainfall and its patterns. The work that is
presented in this paper focuses on one of the identified patterns from northeastern
rainfall data (rainfall of Guwahati in the year 2018 is taken), and its impact on the
stability of slope with varying soil properties and slope angle is discussed.

Background

Lim et al. [8] studied the effect of matric suction on the stability of residual soil
slope and observed that canvas covered section shows less effect when compared
with grassed covered and bare land slope sections with change in matric suction.
Rahardjo et al. [11] studied the significance of antecedent rainfall on the distribution
of pore water pressure in slopes with residual soils and concluded that antecedent
rainfall, initial pore water pressures before the occurrence of significant rainfall, and
magnitude of antecedent rainfall play a major role in developing the worst pore-water
conditions. The significance of this antecedent rainfall is observed to be greater in
low-conductivity soils when compared with high-conductivity soils. Once the slope
reaches the highest pore water pressure profile, its contribution to subsequent rainfall
is observed to be nil.

Rahardjo et al. [10] studied the significance of ground water table location, soil
properties on slope stability during rainfall and observed that the slopes with the
ground water table at greater depth at driest period will have a rapid reduction in
factor of safety (FoS) of the slope. And also, that the soils which have a higher % of
fine particles will have a high air entry value of the soil-water characteristic curve
(SWCC), the permeability function will be gentle, and the saturated permeability
will be less. Minimum FoS may not occur immediately after the rainfall ends, but
few hours after rainfall ends.
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Rahimi et al. [12] studied the significance of antecedent rainfall patterns on slope
stability and found that the rate of decrease in FoS, the time corresponding to the
occurrence of minimum FoS, and its value are controlled by antecedent rainfall
patterns. The significance of the antecedent rainfall pattern is observed to be more
on low-permeable soil slopes when compared with high-permeable soil slopes. Kim
et al. [7] worked on the instability of unsaturated soil slopes with variation in rainfall
and concluded that climate change influences shallow landslides.

Wu et al. [14] experimentally analyzed rain-induced slope failures and found that
lesser rainfall intensity for a longer duration leads to a larger scale landslide. Failure
patterns are observed to be related to the intensity of rainfall, slope gradient, and the
initial conditions of matric suction. Zhang et al. [15] studied the delay phenomenon
in slope instability due to rainfall and observed that the soils with a low water entry
value and a lesser rate of rainwater infiltration had a greater probability of generating
a delayed phenomenon. The influence of initial ground water table depth on the
delay phenomenon is observed to be related to soil properties. The most obvious
delay phenomenon is seen for soils with an anisotropic ratio ky/k, = 0.5 and also
when saturated hydraulic conductivity is the same as the intensity of rainfall.

Bhardwaj et al. [1] did a case study on rain-induced landslides in the Indian
Himalayan region. It is observed that slopes having slope angles 20-30° and eleva-
tion from 1000 to 2000 m are more susceptible to rain-induced landslides (R.I.L),
and the landslides are found to be more susceptible in places having garnet ferrous
gneiss, schist, migmatite rock. Dikshit et al. [3] wrote a review paper on RIL in
the Himalayan region in which hazard monitoring, forecasting, and susceptibility
analysis are focused.

The numerous factors that are used to analyze landslides are also studied. The
study admits that there are numerous fields in which research work is required like
including climatic change or the use of high-quality primary data as input data for
computational models.

Soil Properties

Guwabhati is a city in Assam, having hill slopes with residual soils of varied strat-
ification. These are formed due to residual weathering. After geological investiga-
tion, it is identified that these soils comprise weathered basal rock, decomposed
granite, core stones, lateritic and saprolitic residual soils. Isovolumetric weathering
of bedrock leads to the formation of a residual soil layer called saprolite. These are
dense and resemble parent rock fabric and structure. These are found to be very
compact although being porous due to the leaching of fine particles. Once they are
disturbed, they lead to landslides. Most of the landslides in Guwahati are found to be
RIL, so it is very much essential to have the data of soil properties both physical and
engineering properties for the analysis of slopes. Physical and engineering properties
are collected from Sarma et al. [13] (See Fig. 13.1).
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Fig. 13.1 Picture showing
soils of a slope in Guwahati
(site: cut slope in IIT
Guwahati, Sarma et al. [13])

S. Shruthija and S. K. Yamsani

Table 13.1 Properties of

soils in slopes of Guwahati Property Silty sand Silty clay
Specific gravity 2.44 2.7
Liquid limit (%) 39 41.5
Plastic limit (%) Non-plastic 23.2
USCS classification SM CL
Y (KN/m?) 16.8 19
¢! (Kpa) 0 25
# (degrees) 36 18
@ (degrees) 36 18
Saturated permeability (m/s) 6.6 x 107 8.3 x 1077

USCS: Unified soil classification system

¢! Effective cohesion

@!: Effective angle of internal friction

T: Unit weight

@b Angle of internal friction with respect to matric suction
SM: Silty sand; CL: Low compressible clay

Soils in Guwahati have two layers of soil; top layer is silty clay, and the bottom
layer is silty sand. It is found that Guwahati slopes have unsaturated soils with the
ground water table at greater depths, so it is very much important to have SWCC of
these soils which are taken from literature review [2, 9] (See Table 13.1).

SWCC of the two soils is collected from a literature review [2] (See Figs. 13.2

and 13.3).
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The SWCCs are given as input in Geostudio software as volumetric data point
functions. From the defined volumetric data point function, the hydraulic conduc-
tivity of soils is further estimated using the van Genuchten model. This defined
SWCC and hydraulic conductivity function is assigned for the slope to perform
seepage analysis.

Slope Geometry

See Fig. 13.4.
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Fig. 13.4 Slope geometry

Boundary Conditions

AB, DC: No flow condition is assigned.

BC: Zero pressure line or datum line (free drainage).

AF, FE, ED: Rainfall is given; it is also the potential seepage face (Excess rainfall
flows as runoff).

The slope angle is 45°, and the slope height is 50 m.

Methodology

The seepage analysis is performed using seep/w (module in Geostudio 2012). Pore
water pressure data from seepage analysis are taken for slope stability analysis using
slope/w (module in Geostudio 2012). Slope stability analysis is done by using the
Mohr—Coulomb material model, and the suction contribution from shear strength is
taken based on defined volumetric water content data point function.

Morgenstern price limit equilibrium method is used to find the FoS of slope using
slope/w. This method is used because it satisfies all the conditions of equilibrium like
moment equilibrium, force equilibrium, and can also be used for both circular and
non-circular failure surfaces. This method also considers normal and shear forces
acting on the sides of slices. Limit equilibrium method is used in the analysis because
itis more conventional. One can also perform finite element analysis for slope stability
using Geostudio by coupling with sigma/w analysis.
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Designing Rainfall Patterns

Rainfall patterns are designed based on the methodology given by Rahimi et al. [12].
Rainfall data of Guwahati in the year 2018 are taken for evaluating most repeated
patterns. Five patterns are identified as the most repeated patterns. Out of five patterns,
a uniform rainfall pattern is considered and analyzed in this study. Maximum rainfall
of 350 mm is taken in the present study. The maximum daily rainfall from the
collected data is 71 mm. The maximum rainfall intensity calculated is 8.11E—7 m/s.
The analysis is carried out for 10 days with 5 days of uniform rainfall, and after five
days, rainfall is kept zero till the 10th day. Now, another analysis is carried out with
initial 5 days uniform rainfall pattern followed by a major rainfall for 8 h (i.e., on the
6th day). The results are checked for 10 days keeping the rainfall as zero after 8 h of
rainfall on 6th day till 10th day. This analysis is done to know how the antecedent
rainfall is making the slope’s initial condition worst. The major rainfall intensity
given is the calculated maximum rainfall intensity. Gradually, the intensity of major
rainfall is increased and observed.

Rainfall is assigned as a boundary condition in seep/w. Rainfall intensity and
its duration values are given as boundary conditions by defining a new boundary
condition. Rainfall intensity values are given as a step data point function.

Results and Discussions

Pore water pressure variations and infiltration values for uniform rainfall patterns are
taken from results of seep/w. FoS variations with time are taken from slope/w results.
Normalized FoS is the ratio of the FoS at a particular instant of time to the initial FoS.
Normalized FoS is used for comparing results of uniform rainfall patterns because
initial FoS for different soil types will be different as they have a wide range of pore
water pressure distributions (Fig. 13.5).

It is observed that there is a 20% reduction of normalized FoS for low-conductive
soil (silty clay) and a reduction of 10% for high-conductive soil (silty sand). To

Fig. 13.5 Effect of v 1

antecedent uniform rainfall @)

for 5 days with varying soil _L; 0.9

types g 08 .
= = sijlty sand
g 0.7
5 —silty clay
Z 0.6

0 2 46 810
Time(days)
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understand the above results, pore water pressure variations and also the infiltration
rates are observed for slopes with both the soil types.

From Fig. 13.6, it is clear that the pore water pressure variations are greater for
slope with low-conductive soil than high-conductive soil, and also that the trend in
which the pore water pressures are varying is the same as the trend in which the
normalized FoS is varying with time.

From Fig. 13.7, it is seen that the rainfall intensity and the infiltration rate are
the same for slope with silty sand. This can be because of greater permeability
all the rainwater infiltrates into the slope. For a slope with silty clay initially, the
rainfall intensity and infiltration rate are not the same. This can be because for a
low-conductive soil, the permeability will be less thereby the amount of water that
gets infiltrated is very less. The unsaturated pores will saturate gradually with time,
and hence, with time, as the saturated permeability is greater than the unsaturated
permeability of the soil, the infiltration rate also gets increased (Fig. 13.8).

It is observed that a slope that experienced antecedent rainfall for 5 days when
subjected to a major rainfall of intensity 8.11E—7 m/s for 8 h has undergone a
reduction of normalized FoS of 26% for a slope with silty clay and a reduction of
approximately close to 10% for a slope with silty sand. Without antecedent rainfall,
the slope with major rainfall for 8 h has a reduction in normalized FoS of 1% for
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silty sand and 4% for silty clay. This clearly shows the significance of antecedent
rainfall. Antecedent rainfall affected both slopes with silty sand and silty clay, but its
significance is greater for low-conductive soil slope similar to findings of Rahardjo
et al. [10] (Fig. 13.9).

When the magnitude of major rainfall is tripled, the low-conductive soil slope
with antecedent rainfall followed by major rainfall has failed. This clearly indicates
the significance of antecedent rainfall which is creating the worst initial conditions
for low-conductive soil slopes (Fig. 13.10).
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Slope angle is changed for low-conductive soil slope. It is observed that the shallow
slopes are significantly affected than the steep slopes. This is contradicting to our
general understanding in soil mechanics that shallow slopes are more stable than steep
slopes. This is because shallow slopes have more infiltration of rainwater, whereas
in steep slopes infiltration is very less (more of the rainwater goes in runoff). In
Fig. 13.8, it is observed that 45 degree slope is affected greatly because of the effect
of both geometry and infiltration.

Conclusion

From this limited study, the following understandings are made.

Antecedent rainfall before the occurrence of major rainfall affected both low-
conductive and high-conductive soil slopes, and the effect is more significant in
low-conductive soil slope.

Pore water pressure variations are greater for low-conductive soil slope.

The trend in which the pore water pressure is changing is the same as the trend
in which the normalized factor of safety is changing.

The infiltration rate and rainfall rate are the same for high-conductive soil slope.
For low-conductive soil slope, the infiltration rate is less than the rainfall rate.
The value of the minimum FoS is governed by the amount of infiltrated water.
The time at which the minimum FoS occurs is the time at which the pore water
pressure is minimum.

Shallow slopes with low-conductive soils are more significantly affected by
antecedent rainfall because the possibility for infiltration is more in the case of
shallow slopes.
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Chapter 14 )
Response of Isolated Shallow Footing e
on Sloping Ground with Dynamic

Loading

Saumitro Mandal, Aniket Chanda, and Arghadeep Biswas

Introduction

Slope stability can be referred to as the ability of the inclined soil body to with-
stand excessive outward movement of soil. Analysis of slope aims to understand
the potential causes of ‘failure’. It can be defined in terms of factor of safety as the
ratio between resisting shear mobilization and driving shear stress. The factor of
safety of a ‘stable’ slope can be disturbed either by increasing driving force and/or
decreasing the resistance of the soil. Either of the issues can be intensified cause of
instability in presence of dynamic forces like earthquakes. Slope movement can lead
to several problems including structural damage and/or fatal accidents causing loss
of lives. Irrespective of its triggering agency, whether natural or artificially, guaran-
teeing slope safety is difficult as well as challenging and thus has been a topic of
interest for many geotechnical practitioners.

As the result of growing problems and uncertainty in estimating the behavior, the
slope-stability issue is investigated by several researchers, and many alternatives are
developed to encounter the situation. Terzhagi (1950), the father of soil mechanics,
has introduced the pseudo-static method for analyzing the seismic stability of a
slope [1]. In this approach, earthquake force was applied in terms of equivalent
earthquake acceleration. The analysis method was simple and provided a fairly
satisfactory result [2, 3]. Seed [4] calibrated the pseudo-static method for seismic
stability analysis of earth dams with soils that do not suffer significant strength
loss. Regarding the pseudo-static analysis, many researchers have concluded it as

S. Mandal - A. Chanda
Department of Civil Engineering, Jalpaiguri Government Engineering College, Jalpaiguri, West
Bengal 735102, India

A. Biswas (X)
Department of Civil Engineering, Jadavpur University, Kolkata, West Bengal 700032, India
e-mail: arghadeep.biswas @gmail.com

© The Author(s), under exclusive license to Springer Nature Singapore Pte Ltd. 2023 161
K. Muthukumara et al. (eds.), Earth Retaining Structures and Stability Analysis,

Lecture Notes in Civil Engineering 303,

https://doi.org/10.1007/978-981-19-7245-4_14


http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-19-7245-4_14&domain=pdf
http://orcid.org/0000-0002-3094-6361
mailto:arghadeep.biswas@gmail.com
https://doi.org/10.1007/978-981-19-7245-4_14

162 S. Mandal et al.

a simple and time-saving method depending on convergence and comparative end-
results concerning actual and/or other methods [5—7]. Clough and Chopra [8] have
shown slope behavior can be effectively well simulated through the finite element
method (FEM). Leshchinsky and Baker [9] reported a mathematical approach based
on the limiting equilibrium method to analyze slope stability. It has been concluded
that the factor of safety is independent of normal stress distribution over the crit-
ical slip surface. This analysis provided a nonlinear first-order partial differential
equation that enables the development of numerical procedures to determine the
minimum factor of safety. Duncan [10] compared the slope-stability issue through
limit equilibrium and finite element analysis.

The present study investigated the effect of an earthquake on the stability of
shallow-isolated footing constructed on and away from the slope with varying config-
urations. The commercially available finite element software package, PlaxisP, is
used for this purpose. The Plaxis®P is capable of and offers both time history anal-
ysis and pseudo-static analysis; however, due to time constraints and simplicity, the
pseudo-static analysis is adopted. The stability of slopes for different configurations
is compared and analyzed based on the factor of safety.

Materials and Modeling

A c—¢ soil is considered for constructing the slope for this study. Reinforced concrete
is assumed to be the material constructing the footing (width, b = 2 m) which will
transfer the super-structural load into the soil. In the finite element program, the soil
is modeled as Mohr—Coulomb material, while the reinforced concrete is considered
as a linear elastic material. The material properties are summarized in Table 14.1.
In general, earthquake load can be analyzed in two ways, such as time-domain
analysis and pseudo-static loading. In the pseudo-static method, seismic force is
applied as a statically applied inertia force, the magnitude of which is a product of a
seismic coefficient k and weight of the corresponding mass. These are approximately
constants body forces with magnitude proportional to the horizontal and/or vertical
accelerations imposed by the dynamic loading and can be generalized as F; = k; W,
where ‘i’ denotes the force direction in X, Y, and Z directions, respectively. Hence,

Table 14.1 Material

i Parameters Soil Concrete
properties

Material model Mohr—Coulomb | Linear elastic

Angle of internal friction (°) |30 -

Cohesion (kN/m?2) 20 -
Poisson’s ratio 0.4 0.15
Unit weight (kN/m?) 18 25

Modulus of elasticity (kN/m?) | 1.2 x 10* 2.5 x 107
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Fig. 14.1 Geometry of the problem statement in elevation and plan with boundary fixities

the F; represents the body forces, and k; is the pseudo-static acceleration in the
corresponding directions; while ‘W’ represents the corresponding mass.

In this study, the performance of slopes having a set of 16 isolated square footings
(b =2 m) embedded (1) 1.5 m below the ground surface and positioned at the upper
side of sloping surfaces is investigated using Plaxis®P. The foundation system is
considered to be constructed at variable distances from the sloping face. The variables
considered in this study are the distance (d) of the extreme footing from the sloping
surface, slope angle and height (%), and the dynamic forces. In Fig. 14.1, a schematic
of the problem statement and boundary fixities for the model are presented. It may
be noticed that boundaries, such as Xpin, Xmax»> Zmin, are kept fully fixed, while the
Ymin and ypax are normally fixed. The ground and slope surface (zax) is considered
free to allow possible deformations. In all the investigations, the ground water effect
is avoided by putting the water table deep into the soil and far below the footing
bottom.

Results and Discussions

This study addressed the slope stability issues under a foundation system consisted of
16 nos. square isolated footings subjected to different parametric variations including
dynamic loads. In the study, load calculation for each footing is done as per Indian
standards, and a load of 500 kN is assigned for every footing. The footings were
embedded at a depth of 1.5 m () on the upper side of the slope with variable distances
(d) from the sloping surface. Different slopes and slope heights () are considered
to compare the performance. The dynamic loading was applied as pseudo-static
acceleration, in the range 0.1-0.6 g. An analysis for the static condition is also
performed, indicated as ‘0 g’ (in Table 14.2) to compare the dynamic effects. In
Table 14.2, the factor safety against the stability of slopes for different parametric
variations and combinations considered for the study is summarized.

The factor of safety (FOS) is the parameter to compare the performance of slopes
of varying configurations. The variation of FOS with the d from slope edge for
different pseudo-static accelerations, with a slope angle 2H:1V and & = 6 m, is
presented in Fig. 14.2. It is noticed that the performance of footings is more sensitive
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Table 14.2 Summary of the factor of safely for different slope configurations

S. Mandal et al.

Slope h d Factor of safety
Og 02¢g 04¢g 05¢g 0.6g
2H:1V 3 2 4.822 2.946 1.733 1.398 1.17
4 5.377 3.007 1.732 1.399 1.154
6 5.727 3.033 1.732 14 1.172
6 2 3.432 2219 1.558 1.295 1.08
4 3.632 2.271 1.565 1.297 1.1
6 3.791 2.304 1.567 1.299 1.099
9 2 2.894 1.883 1.346 1.159 F
4 2.944 1.891 1.354 1.156 F
6 3.012 1911 1.348 1.157 F
1.5H:1V 3 2 4.334 2.945 1.728 1.393 1.169
4 5.223 2.996 1.728 1.339 1.173
6 5.49 2.998 1.734 1.398 1.151
6 2 3.005 2.075 1.515 1.304 1.096
4 3.23 2.149 1.535 1.288 1.097
6 3.31 2.193 1.542 1.295 1.08
9 2 2.478 1.71 1.246 1.076 F
4 2.548 1.727 1.244 1.071 F
6 2.628 1.77 1.267 1.09 F
1H:1V 3 2 4.106 2.869 1.723 14 1.172
4 4.495 2.93 1.731 1.4 1.139
6 4.693 2.976 1.728 1.393 1.169
6 2 2.437 1.8 1.366 1.193 1.039
4 2.671 1.883 1.38 1.196 1.036
6 2.738 1.946 1.405 1.207 1.039
9 2 2 1.466 1.103 F F
4 2.078 1.494 1.113 F F
6 2.105 1.507 1.113 F F
0.5H:1V 3 2 3.244 2.39 1.725 1.398 1.171
4 3.693 2.67 1.729 1.399 1.172
6 3.705 2.705 1.73 1.397 1.17
6 2 1.89 1.462 1.112 F F
4 2.057 1.538 1.125 F F
6 2.11 1.568 1.131 F F
9 2 1.465 1.133 F F F
4 1.52 1.155 F F F
6 1.57 1.175 F F F
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Fig. 14.2 Variation of FOS with d for different k, (slope angle = 2H:1V; h = 6 m)

nearer to the slope under dynamic forces. Observations indicated that as the footings
move toward the slope the stability of slopes reduces. The behavior is reflected
in terms of reducing FOS. However, the stability of slopes remains unaffected
(concerning d) for an acceleration intensity of 0.2 g.

The slope performance with d for different slope angles is compared in Fig. 14.3
(for h = 6 m and k, = 0.2 g). The comparison indicated the increasing vulnerability
of slopes, though decreasing FOS, with the increase in slope steepness (2H:1V being
the least and 0.5H:1V being the steepest slope).

The variation of FOS with k,/g ratio for different d for I1H:1V slope and 4 =3 m
is presented in Fig. 14.4. It is noticed that the FOS has decreased with the increase of
pseudo-static acceleration. Footing placed at a distance more than 4 m (i.e., 2 times
the footing width, 2b) has depicted less influence on the stability; however, it has
indicated that the increase in pseudo-static acceleration can destabilize the slope, and
the rate of such instability is considerably high.

In Fig. 14.5, the factor of safety analysis for different slope heights for earthquake
accelerations of variable intensities is presented. A slope with an angle of 1.5H:1V
is considered for the purpose. It is observed that the stability, in terms of FOS, has
decreased with the increase in horizontal acceleration.
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Conclusion

The study has reported the performance of slopes subjected to a foundation system
consisted of a set of 16 isolated square footings founded nearby a slope of varying
configurations. The parametric variations considered the distance of footing from
the sloping edge, the slope height and angle, and the horizontal accelerations. As per
the observation, the following conclusions can be drawn.

It is observed that with the increase of pseudo-static acceleration, the factor of
safety decreases. However, beyond the acceleration magnitude of 0.2 g, the effect of
footing distance on stability is very found to be negligible.

The 2H:1V slope is found to be most sable, and the 0.5H:1V slope showed
minimum stability. This indicated the increase in steepness of slope decreases its
stability.

The slope angle of 0.5H:1V is very much unstable when the depth is 9 m and the
horizontal acceleration is greater than 0.2 g.

Further analysis indicated that despite the steepness of the slope, the smaller the
slope height is, the safer it will be. For example, a relatively (compared to 9-m slope
height) smaller depth of 6 m slopes, with a similar angle, are more stable than the
slope with 9 m height.
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Chapter 15 ®)
Detection, Monitoring, and Early oo
Warning of Landslides Using In-Situ
Ground-Based Monitoring Techniques:

A Review

Shreya Maheshwari and Riya Bhowmik

Introduction

Landslide or ‘mass wasting’ refers to any downslope movement of rock and soil
which rapidly transforms into a destructive natural disaster. The union territory of
Jammu and Kashmir in India is located in the Northwest Himalayan range and
encompasses significant landslide-prone regions. The frequency of occurrence of
landslides has further increased due to global climate change. Thus, monitoring of
susceptible and vulnerable slopes and early warning of landslide occurrences are
essential in reducing the loss of lives and property.

This paper briefly reviews the essential components of real-time ground-based
monitoring techniques of landslides. It further presents the details of the wireless
sensor network, which integrates the ground-based sensor data with early warning
systems. Since the early warning algorithms employ predefined thresholds for the
monitored triggering parameters, this paper also presents some of the reported
threshold models reported in the literature.

Sensors Desirable for Landslides Monitoring

In-situ ground-based monitoring techniques are a vital part of landslide monitoring.
It comprises an arrangement of sensors for real-time data capturing in hilly areas.
Table 15.1 lists the sensors used in reported studies on landslide monitoring by various
researchers. This includes: (a) capacitance-type dielectric soil moisture sensor, which
evaluates the volumetric moisture content of the soil by comparing the dielectric
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constant of the buried soil with the dielectric constant of water, (b) strain gauge-type
or vibrating wire-type pore water pressure sensor to measure the change in pore
water pressures resulting from precipitation, (c) tilt sensors/MEMS inclinometer for
measuring any change in slope or tilt angle, (d) geophones to measure any vibrations
which may occur at the onset of landslides, and (e) rain gauge to measure the amount
of precipitation. Together, these sensors form an arrangement that measures the
precipitation, change in soil moisture, pore water pressures (indicates the reduction
in shear strength of soil), linear and angular displacements, and ground vibrations,
and thus, together form the basis for landslide early warning system.

Wireless Sensor Network

The wireless sensor network [16, 23] is one of the best-suited technologies with great
progressions that can rapidly respond to quick data variations and transfer the sensed
data to a data management center. The sensors, which are either placed inside a sensor
column [20, 26] or deep earth probe [21, 22] in the landslide-prone region, sense
the magnitude of deformation and its respective location in real-time with minimum
maintenance and provide reliable and efficient real-time information of the landslide
parameters.

In a WSN, all the sensors interface with a data acquisition board (DAQ) through
signal conditioning circuitry. The DAQ board then connects the various sensors to
a mote, resulting in a wireless sensor node. The data collected by the sensor nodes
are routed to the gateway or network coordinator via a network of relay nodes. The
gateway serves as a link between two different networks and is capable of data collec-
tion, data processing using the available algorithm, and data transfer. Figure 15.1
depicts the architecture of wireless sensor networks (WSNs) for monitoring and
detecting landslides.

Landslides Detection Algorithms

As the network starts working, each wireless sensor node samples the sensors such as
moisture sensors, rainfall sensors, pore pressure sensors, and so on. The information
collected by all the installed wireless sensor nodes in the field is transformed into
data packets containing the various information. This information is analyzed by
performing the peak transmission analysis by identifying the peak data value among
all the sensors installed in the field. For deciding whether the landslide will happen
or not, a threshold-based approach is commonly followed. The analysis outcomes
are compared with a predefined threshold previously set to the wireless node of the
network. These predefined threshold values are generally determined from statistical
analysis of the field or lab-based data for the concerned parameter.
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Table 15.1 Sensors employed for landslides monitoring

Author

Sensors

Parameters observed

Specification (if any)

Ramesh [20]

Pore pressure
transducer

Soil pore pressure

Dielectric moisture
sensor

Volumetric water
content of the soil

Strain gauge

Soil movement

Geophones

Ground vibrations

Rain
gauge—tipping
bucket

Monitoring of rainfall

Tilt meters

Slope inclination angle

Mishra et al. [19]

MEMS
inclinometer

Slope angle

Linear range +5°

Wang et al. [27]

Soil moisture sensor

Water content of the soil

Soil temperature

Temperature variation

Distance sensor

Displacement of land

Range 1-15 m,
precision 1 mm

Tilt sensor Tilting angle Range 4 90°, precision
0.025°
Rainfall sensor Rainfall Resolution 0.1 mm,

range 0.1-7 mm/min

Shukla et al. [24]

Piezometer Pour water pressure Range 0 =+ 5 kg/cm?
Tilt meter Vertical angle of strata | Range +5°

In-place Horizontal angle of Range +10°
inclinometer strata

Crack meter

Displacement of strata

Range 0 &+ 500 mm

Rain gauge

Rainfall intensity

Range 0-99 mm

Giorgetti et al. [9]

Air thermometer

Temperature of air

Range —20° to +
80 °C, acc. £0.2%

Rain gauge Rainfall Resolution 0.2 mm

Air hygrometer Amount of water vapor | Range 5-95%, acc.
in air +2%

Anemometer Wind speed and Speed acc. &+ 5%, dir.
direction acc. £4°

Soil hygrometer

Moisture content in soil

Range 5-95%, acc.
+3%

Extensometer (wire
and bar)

Movement or
displacement of land

Range 250 mm, acc.
130 pm (wire) and
range 150 mm, acc.
0.08 mm (bar)

(continued)
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Author Sensors Parameters observed Specification (if any)
Tilt meter Slope inclination angle | Range £ 15 °C, acc.
+0.02°
Giri et al. [10] 3-axis Gravity and linear
accelerometer acceleration—tilting and

movement rate of slope

3-axis gyroscope

Angular speeds of soil or
rock masses

Joshi et al. [13]

Soil moisture sensor

Moisture content

Pore pressure sensor

Soil pore pressure

Displacement Position and movement
sensor of soil
Rain gauge Rainfall quantity

Sruthy et al. [25]

Soil moisture sensor

Soil water content

Accelerometer Land movement Range +3 g
ADXL335

Abraham et al. [1] MEMS tilt sensors | Tilting angles Resolution 0.003°
Volumetric water Moisture content at Resolution 0.002
content sensors shallow depths m3/m’
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Fig. 15.1 Architecture of wireless sensor networks (WSNs) for monitoring and detecting landslides

The rainfall-based threshold model is mostly used for the early warning system.
This threshold uses the previously recorded minimum rainfall values responsible for
triggering the landslides under similar hydro-geological conditions [11]. The most
extensively used rainfall threshold model expresses the thresholds using the power
law relationship between the intensity of rainfall (I) and its duration (D) [3].

I =c+a.D? (15.1)
where [ is the intensity of rainfall in mm/h, D is the rainfall duration in hours, c is a

constant > 0, and « and f are scale and shape parameters obtained empirically. The
rainfall thresholds are identified as local, regional, and global thresholds based on
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Author Area Expression Range Threshold
Caine [3] ‘World 1= 0.167 < D < 500 Global
14.82D~03° threshold
Cancelli and Valtellina, northern 1= 1 <D <1000 Local
Nova [4] Italy 44.67D~ 078 threshold
Larsen and Porte Rico, Caribbean | = 2<D<312 Regional
Simon [17] Sea 91.46D~0-82 threshold
Crosta and World 1=048 + 0.1 <D < 1000 Global
Frattini [6] 7.2D7! threshold
Aleotti [2] Piedmont region, Ttaly |/ = 19.0D7%% |4 <D < 150 Regional
threshold
Cannon and World I=70D7% |01<D<3 Global
Gartner [5] threshold
Dahal and Himalaya, Nepal I1=739D"%7 |5<D <720 Regional
Hasegawa [7] threshold
Guzzettietal. | World I=22D79%% 10.1 <D <1000 Global
[11] threshold
Mathew et al. Garhwal Himalaya, I1=587D"112|5<D<100 Regional
[18] India threshold
Kanungo and | Chamoli-Joshimath, |7 =1.82D923 |24 < D <336 Local
Sharma [14] Garhwal Himalayas threshold
Dikshit and Kalimpong, 1=3.52D7%4 |24 <D <120 Regional
Satyam [8] Darjeeling, India threshold
Harilal et al. Sikkim 1= 1<D<30 Regional
[12]2 43.26D7078 threshold
Gangtok I=100D"992 |1 <D<30 Local
threshold

4D, rainfall duration in days; I, the intensity of rainfall in mm/days

the geographical area. Table 15.2 lists the various /-D relationships and thresholds

reported in the literature.

The pore pressure and moisture thresholds are only activated once the rainfall data
crossed its respective threshold [22]. If data analysis outcomes provide a triggering
parameter value more than the predefined threshold value, then the node is changed
to an active state and generates the alert signal. Otherwise, it drops the data packet
and stays in a passive state, and no alert signal occurs, as shown in Fig. 15.2.

Limitations

The main limitation of IoT-based networks is that it requires a continuous power
supply for real-time monitoring of sensed data which is very difficult when the
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Fig. 15.2 Flowchart for
early warning of landslides
based on threshold model

monitored sites are in remote locations. This complexity becomes further aggravated
due to rough weather conditions [16]. Deployment of IoT-based systems requires
comprehensive field investigations, which is not always feasible in hilly terrains
with extensive vegetative index. Also, WSN for landslide monitoring of vast regions
involves a large number of wireless nodes, which not only increases the size of the
network and its complexness, but also compromises the accuracy of the detection
system [15].

Summary

The present study reviews the essential components of real-time ground-based moni-
toring techniques of landslides. The study shows that the WSN-based early warning
system is one of the best-suited effective technologies for real-time monitoring of
regions prone to landslides by using various sensors capable of functioning in real-
time and continuous monitoring of landslides-triggering parameters. The network
integrates wireless sensor nodes for effective data collection, data processing, data
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transfer, and a threshold-based early warning system. The three primary components
of this system are as follows: (a) An arrangement of sensors installed at landslide-
prone region to monitor the critical parameters like rainfall, soil moisture, pore water
pressure, displacement and tilt, (b) Wireless sensor networks (WSNs) connecting
the network of sensors with a data management center, and (c) Landslide detection
algorithms which continuously analyze the sensed data and compare with a prede-
fined threshold value for triggering parameters like rainfall and soil moisture and
activate an alert signal if any of the sensed data exceeds the corresponding threshold
value. Thus, this system detects all the environmental changes that trigger landslides,
generates an early alert signal, and reduces the loss of lives and property.
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Chapter 16 ®)
A Comprehensive Review oo
on Rainfall-Induced Slope Failures:
Mechanism, Models, and Influencing

Factors

Vineet Gajamer and Abhishek Kumar

Introduction

‘Landslide’ refers to any outward and downward movement of materials forming the
slope, due to various artificial and natural causes. It is a general term that incorporates
all possible material and mass movement behavior [1]. Rainfall-induced landslides
are one of the most common problems faced by sub-tropical and tropical countries.
Not only slopes but other geotechnical structures such as fills and embankments are
also seriously affected by the rainfall. Hong Kong, Singapore, and India are some of
the countries where landslides are predominantly rainfall induced [2—4].

Conventionally, rainfall is incorporated into slope stability analysis by increasing
the pressure head at the boundary by raising the ground water table. Such an approach
does not always represent the actual field condition as in the case of a shallow slope
failure [5]. These are caused due to reduction in the shear strength of the soil caused
by the loss of matric suction due to seepage of wetting front [6]. Numerous works
have been done to model water flow in soil for a better understanding of seepage and
infiltration in a slope. This study initially presents a concise review of the mechanism
of rainfall-induced slope failure, followed by numerical modeling of a typical failed
slope to understand the mechanism of failure.
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Mechanism of Rainfall-Triggered Landslides

For an unsaturated soil slope, the stability condition can generally be understood
based on the degree of saturation and matric suction. A single rainfall event can
adversely affect the matric suction at shallower depths, but seasonal trends and
prolonged rainfall can affect the slope at greater depths [7]. Collins and Znidarcic [8]
explained three different mechanisms of failure due to infiltration. The first mecha-
nism highlights the rise in pore water pressure (PWP) at deeper depths of a slope or
along a soil-rock interface. This can induce capillary barrier effect. Small displace-
ments along such zones with high degree of saturation can cause rapid movements
with large runout distances and ultimately static liquefaction [9]. In the second mech-
anism, Collins and Znidarcic [8] discussed slope failures due to loss in shear strength
because of reduction in soil suction in an unsaturated soil slope. In this failure mech-
anism, there is no development of seepage force as the PWP is not positive. The
third failure mechanism is for coarse-grained soil slopes, where the conventional
mechanism is not considered. If slope is composed of coarse-grained soil, failure
usually occurs in zones of positive PWP regimes, triggered by seepage forces acting
downward from the top of the slope [8].

Cascini et al. [10] highlighted the role played by the flux conditions along the
underlying bedrock interface in affecting the PWP regime. Failure due to generation
of spring water in bedrock has been identified from field monitoring studies in San
Francisco Bay [11] and the Oregon Coast range [12]. Cascini et al. [10] state that a
possible combination of rainfall infiltration from the surface and spring from bedrock
serves as a possible triggering mechanism. Hydrogeological and geomorphological
analyses done for shallow landslides in pyroclastic deposits in Italy showed the same
triggering mechanism [13].

In another work, McSaveney and Griffiths [14] highlight the critical role that
temperature plays in aggravating rainfall-induced landslides. In the year 1978, a
landslide was reactivated in Waipara, New Zealand after a rainy winter. The study
by McSaveney and Griffiths [14] suggested that dry summer-initiated desiccation
cracking makes it possible for water to percolate into impermeable regolith. As a
result, the movement started when the water accumulation was at its peak at the
end of the winter. The infiltration of rainwater through desiccation cracks caused
leaching and dilation of over-compacted mudstone leading to displacement of a
block by 155 m.

Though numerous studies were done in due course of time where rainfall-triggered
landslides were explained in terms of soil weight, PWP variations, seepage forces,
etc., the mechanism of some landslides still could not be explained. Liu et al. [15]
performed water—air (two phase) flow numerical simulations and experimentation
to confirm the reduction in effective stress in the soil due to increase in pore gas
pressure. The numerical study results exhibit that when shallower depths of a slope
are saturated, pore gas within the slope gets compressed. The study highlighted that
the decrease in the factor of safety with the consideration of water—air coupling
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is twice the decrease in the factor of safety without the consideration of water—
air coupling. It was emphasized that the pressure generated at the toe may induce
a landslide. It has to be highlighted here that this failure mechanism may not be
prevalent in all types of slopes as it depends on the sealing conditions of the slope,
which is influenced by factors such as soil type, topography, and rainfall intensity.
Such a failure mechanism is mostly observed in slopes having gases within, e.g., a
waste landfill.

Infiltration Models

Infiltration can be defined as “the entry of water into the soil surface and its subsequent
vertical motion through the soil profile” [16]. The soil system is a complex system
with spatially varying properties and complex boundary conditions. The most robust
and exact representation of infiltration can be given by combining Darcy’s law with
the equation of continuity. In such a case, the solution to the partial differential
equations is complex and it requires time and expertise to solve. To avoid such
complexities, conceptual models were developed where a reasonable representation
of physical reality compensates for the simplification of the physical conditions.
Examples of some conceptual models are: Green-Ampt, Lumb, Sun et al., Gavin and
Xue, Chen and Young infiltration models [17-20].

However, the conceptual models had some major assumptions and limitations
when applied to sloping surface. Factors such as the slope of the surface and the
downward flow along the slope were not considered in most conceptual models.
Further, consideration of a distinct wetting front separating saturated and unsaturated
zones of soil is not something that always occurs in the field [21]. The dependency
of hydraulic properties of soil on the degree of saturation is also not generally taken
into account in conceptual models [21]. A more accurate representation of PWP
distribution of complex cases can be generated by solving the governing equation of
water flow. Solutions to the governing equation can be obtained either analytically
or numerically.

The governing equation of water flow in unsaturated soil was formulated by
Richard [22] based on Darcy’s law and mass conservation law, given by:

i(kx%)—i—i(k)(%)—l—i(@%) Z_% (16.1)
ox ox ay ay 0z 0z dt
Here, ‘0, is the volumetric water content (VWC); (x, y, z) define the co-ordinate
system, and ‘¢’ is time. The hydraulic conductivity ‘.’ is a function of soil suction,
which is in turn a function of VWC. ‘h’ denotes the total head. Equation 16.1 is a
second-order partial differential equation, and obtaining a solution to the equation is
a complex procedure.

Basha [23] applied Green’s function to develop a general analytical model for
a multi-dimensional non-steady infiltration for a shallow water table. Arbitrary
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initial and boundary conditions were used in the model. Hydraulic conductivity was
assumed to be varying exponentially with water pressure and linearly with moisture
content. Infiltration models for various simple geometry were developed. Most of the
solutions were a product of two functions: a function of depth and a function of time
and lateral co-ordinates. The effect of water table and soil type on two-dimensional
moisture movement could be observed from a strip source. Chen et al. [24] introduced
a new method of applying Fourier integral to obtain multi-dimensional linearized
Richard’s equation. Both hydraulic conductivity and VWC are considered to vary
exponentially with soil suction. The analytical solutions can be used to estimate
ponding time and obtain the temporal and spatial distribution of VWC. Yuan and
Lu [25] derived analytical solutions to Richard’s equation describing the variation
of pressure head, VWC, and fluid flow for rooted, homogeneous soils. Kirchhoff
transformation was used to linearize Richard’s equation. Solution to the equation
for steady-state condition is a closed-form solution, while the solution for transient
conditions is an infinite series. The assumptions are the model’s limitations, but the
model is flexible and can be modified according to one’s interest of application.
The advent of numerical modeling happened to address the limitations of analyt-
ical modeling. The high nonlinearity of soil hydraulic properties in transient condi-
tions could not be incorporated in the analytical models. Moreover, assumptions
had to be made assuming some initial and boundary conditions [26]. Attempts were
made by researchers to study slope subjected to rainfall by numerical modeling
by researchers such as Ng and Shi [21] and Gasmo et al. [27]. Cai and Ugai [28]
successfully modeled a slope numerically and studied the effects of initial degree
of saturation, hydraulic characteristics, boundary conditions, rainfall intensity and
duration. The results were in good comparison with results obtained from existing
methods. Huang and Jia [29] extended the finite element modeling to shear strength
reduction technique (FEMSSR) considering unsaturated transient seepage. FEMSSR
technique has been widely used hereafter considering the accurate results given by
the study. Numerous computer software have been developed to numerically model
seepage of water into unsaturated slopes such as Seep/W, RS2, SVflux, and Hydrus.

Other Factors

Numerous researchers have studied the influencing factors by segregating different
parameters and performing a parametric study as highlighted below:

Cai and Ugai [28], conducted finite element-based analysis and investigated
the effects of hydraulic characteristics, initial degree of saturation, boundary condi-
tion, and rainfall pattern and intensity on PWP developed in slopes. As per the work,
soils with low permeability exhibited sudden rise in PWP when the unsaturated
zone got fully saturated. Further, the rate of increase in PWP was higher for soils
with comparatively higher degree of saturation. In addition, the effect of a different
boundary condition was more in the case of slopes composed of high-permeable soil.
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For slopes with low permeability, it was observed that the slope failed only if the
rainfall lasted a threshold duration even when the rainfall intensity was high.

Rahardjo et al. [30] attempted to understand rainfall-induced landslides in residual
soil slopes of tropical regions. The major aim of the study was to quantify flux
boundary conditions. The study concluded that runoff was generated when the rainfall
exceeded an intensity of 10 mm/hr. It was also found out that the residual slope was
affected more by a number of rainfall events of less intensity than a single event of
higher intensity. It was also observed that the matric suction is recovered during drier
periods due to redistribution.

Rahardjo et al. [3] instrumented four slopes of majorly two geological formation
types in Singapore to depict the PWP variation due to various rainfall events, which
directly controls the flux boundary condition. The study’s key finding was that for
residual slopes, antecedent rainfall plays a more critical role in creating the worst
PWP pressure conditions in less-permeable slopes composed of higher fines than
more permeable slopes composed of lesser fines. The factor of safety for residual
slopes with high cohesion was not affected by PWP variation due to rainfall. In
addition, antecedent rainfall and initial PWP conditions play a crucial role in the
behavior of slopes when it undergoes a major rainfall event.

Alietal. [31] investigated the general assumption that failure of slopes occurs at an
impermeable boundary that exists at a certain depth. Three boundary conditions (fully
drained, partially drained, and undrained) at the soil-rock interface were considered
for the analysis.

It was found that for more permeable boundaries, only, shallow slope failure
occurred, and for less permeable boundary condition, deep failure occurred. The
depth of failure decreases nonlinearly with the increase in rainfall intensity. Further,
the effect of boundary conditions becomes more prominent when the rainfall intensity
falls below the critical value, with failure occurring only at the boundary.

Case Study

Study Area and Material Parameters

A slope on the southeastern face of ‘Kurseong’ Hill in West Bengal has been in
constant discussion due to recurring landslides, mainly during the monsoon period.
The geolocation of the slope understudy is N 26.52° to N 26.53° and longitude E
88.17° to E 88.19°. The slope has a varying profile with a maximum slope angle of
84°[32]. The geology of the area majorly comprises four different lithology types [1],
which directly implies the presence of structural discontinuities. In combination with
structural discontinuities, the geological formations are mostly meta-sedimentary
rocks comprising schists, phyllites, and quartzites. Such a geological setup causes
tectonic denudation, making slopes highly susceptible to slope failure. This is a
common cause of slope failures in the Eastern Himalayas [33].
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Fig. 16.1 Failed slope face (2021)

Temperate climatic condition is prevalent in the study region with most of the
rainfall occurring in July. The mass movement was initiated due to toe erosion at
a very high rate, which happened because of the artificial manipulation of stream
paths in 2005 [34]. Though slope stabilization works had been carried out, the slope
has experienced repeated failure, most of it occurring during monsoon due to heavy
rainfall (Fig. 16.1).

Samanta and Majumdar [32] showed that at a particular section, the slope has no
strong geomaterial at least up to a depth of 18 m by means of electrical resistivity
survey. This section has been chosen for the finite element-based analysis. The slope
profile was developed using ArcGIS. Since the presence of soil was confirmed only
up to adepth of 18 m, analysis was done for two soil thicknesses, i.e., 20 and 30 m. The
results of the model with 20-m soil thickness matched well with the field observation;
hence, the analysis for 30-m soil thickness was discarded. Figure 16.2 shows the 2D
model considered for analysis.

The input parameters for the soil have been adopted from [35], and for the
weathered bedrock, Geological Strength Index value of 25 has been adopted from
field observations of scarp faces. Subsequently, the values of various parameters
for quartzo feldspathic bedrock have been adopted from the literature [36-39]
considering Generalized Hoek—Brown Failure Criterion.

Analysis and Results

A finite element analysis was done on a software package developed by Rocscience,
namely RS2. A fully coupled transient seepage analysis was performed governed by
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Fig. 16.2 Model considered for analysis

Biot’s consolidation equation. Six-noded triangular elements were used to discretize
the model, and an optimum mesh resolution was attained using h-convergence
method. Further, to make the analysis more realistic, real-life rainfall data were
obtained from a nearby weather station. It is imperative to incorporate matric suction
because of its vital role in imparting stability, as discussed in the earlier sections.
Hence, unsaturated soil parameters were estimated using available data for a similar
soil type [40] with the help of the software package RETC.

The analysis has been instrumental in uncovering the critical aspects of the failure
of the slope. The matric suction was relatively high before rainfall which decreased
drastically when high-intensity rainfall was applied to the model. Subsequently, the
strength reduction factor is also reduced, indicating reduced stability of the slope.
In addition to the reduced stability due to the decrease in matric suction, water
accumulates in the soil-rock interface, completely saturating the it (Fig. 16.3), due
to capillary barrier effect. The matric suction was quickly recovered even when the
slope was subjected to a nominal rainfall intensity.

The total displacement contour (Fig. 16.4) exhibits translational movement at the
mid-section of the slope whereas, at the toe region the slip surface formed is circular.

The top scarp position obtained in the analysis is in accordance with the scarp
position in the field. Also, the sagging of road in the field is an indication of formation
of a similar slip surface below the road bench, as obtained in the analysis.

The study shows that a slope’s stability can be highly compromised due to rainfall
as seepage can saturate critical locations within a slope, triggering mass movement.
Such slopes should be identified, and proper drainage arrangements should be made
to stop hazards.
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Conclusion

This paper summarizes the literature on mechanism, models, and influencing factors
pertaining to rainfall-induced landslides. Further, more studies toward understanding
the infiltration with surface vegetation, transition in movement type of slope-forming
materials, role of fracture and macropores in preferential flows and anisotropy are
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required. In addition, a case study of slope failure has been analyzed in RS2 platform
using in-situ information. Based on the analysis, it is concluded that seepage due to
prolonged rainfall caused full saturation of critical locations within the slope, leading
to mass movement in the form of slope failure.
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Chapter 17

Optimum Thickness of Veneer Cover Soil | e
of MSW Landfill for Stability Against
Uplifted-Floating Failure

Dabbiru Soujanya® and B. Munwar Basha

Introduction

Veneer cover is a multi-layered system that is constructed as a final closure of
municipal solid waste (MSW) landfill to prevent the entry of stormwater into it. The
veneer cover system also controls the toxic emissions of landfills and protects the
surrounding environment and human health. The components of the veneer cover
system which include the foundation layer, gas collection layer, hydraulic barrier
layer, drainage layer, a protection layer, and surface layer are schematically shown
in Fig. 17.1. The stability and durability of the landfill cover system depend on
the functioning of each of its individual components. However, the occurrence of
cover system failures has been noticed in recent times due to the improper design of
individual layers [1].

A well-designed drainage layer of the cover system plays a key role in main-
taining stability during heavy rainfall conditions by draining the stormwater. A poorly
designed drainage layer may not successfully drain the water. It leads to the clog-
ging of water in the drainage layer. The combination of rainfall-induced seepage
build-up and inadequate internal drainage is the major factor to cause instability of
cover soil slope [2]. Chen et al. [3] defined the accumulated water in the drainage
layer as internal seeper. The excess pore water pressure exerted by the internal seeper
influences the overlying layers of the drainage layer in losing their stability. Most
of the past studies discussed the sliding failure of the cover system caused due to
the seepage forces produced in the drainage layer. Apart from direct-slip failure,
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uplifted-floating (uf’) failure is proposed by Chen et al. [3] which might occur due
to the uplifting forces produced by the internal seeper formed in the drainage layer.

The present study results are helpful in providing optimum, economical, and safe
design of veneer cover system. The present study aims at developing design charts
to provide the optimum design thickness of the cover soil layer. These design charts
assure the safety of veneer cover against uplifted-floating failure mode. The study
considers the influence of retained water (i.e., internal seeper) in the drainage layer
of the cover system which is subjected to static loading.

Literature Review

Most of the cover soil slope failures reported in the past research are involved with the
seepage accumulation in the drainage layer. Seven out of eleven cover soil failures
reported by Boschuk [4] were seepage-induced slope failures. Seepage accumulation
in the drainage layer is the foremost cause for the long-term failures in slopes [5].
The dreadful impact of such failures has brought out awareness to the designers to
consider the seepage effect on the stability of cover soil in recent times.

Nadukuru et al. [2], Feng et al. [6], Khoshand et al. [1], Chen et al. [3], and
Soujanya and Basha [7] have reported the effect of seepage build-up in the drainage
layer on the sliding stability of the cover system. Nadukuru et al. [2] performed
a combined seepage and slope stability analysis to assess the impact of varying
drainage conditions on veneer cover stability of landfills. Chen et al. [3] evaluated
the veneer cover system stability against direct-slip (ds) and uplifted-floating (uf)
failure modes with the presence of clogged water in the drainage layer. Soujanya
and Basha [7] compared the sliding stability of the cover system with and without
an internal seeper. Authors reported that there is a significant reduction in the factor
of safety against sliding stability in the presence of internal seeper as compared to
no seeper condition.
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Objectives of the Present Study

It can be noted from the literature that very few studies have discussed the uplifted-
floating failure mode of the veneer cover system. The studies pertaining to the deter-
mination of the optimum thickness of landfill cover systems with internal seeper are
scarce. Therefore, the current study has carried out the analysis of uplifted-floating
(uf’) failure mode that may occur due to the internal seeper formed in the drainage
layer of the cover system. This study aims at provides the design charts to recom-
mend the optimum thickness of the cover soil layer in order to ensure stability against
uplifted-floating (uf’) failure. The results are provided for varying immersion-level
conditions for different values of stability number and friction angle of cover soil. A
design example is illustrated at the end to understand the feasibility and usage of the
design charts.

Analysis of Uplifted-Floating (uf) Failure

An analytical model is presented for uplifted-floating (uf') failure mode as shown in
Fig. 17.2. The wedge ‘AEFT is the uplifted of failure block, and wedge ‘IFCJ’ is the
mass above the failure block as shown in Fig. 17.2. The symbolic notations used in
the present analysis are defined as H = height of landfill, 4 = thickness of cover soil
layer above the drainage layer, L = slope length of cover soil, k,, = vertical height
of accumulated seepage level, 8 = slope angle of cover soil, ¢ = cohesion of cover
soil layer, ¢ = angle of internal friction of cover soil layer, ¢y = interface cohesion
between the drainage layer and the overlying cover soil, § = interface friction angle
between the drainage layer and the overlying cover soil.
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As shown in Fig. 17.2, AE and IF are the lower and upper shearing planes, respec-
tively. The location of the upper shearing plane (IF) reflects the size of the uplifted
block (AEFI). The size of uplifted or failure block can be assessed by the term failure
ratio (€2) which defines the failure degree of cover soil expressed by Eq. (17.1). Chen
et al. [3] carried out the failure ratio analysis to determine the most endangered
position of uplifted-floating (uf) failure.

Q=2 (17.1)

where /a1 is the length of the uplifted failure block as shown in Fig. 17.2. The
expressions for the areas of failure blocks and mass above failure blocks (Af and A,f)
are given by Eqgs. (17.2) and (17.3).

A= QLh (17.2)

ht
Ay = (1 —Q- a;nﬂ)u, (17.3)

Immersion ratio (I;) is the term that defines the level of accumulated seeper in the
drainage layer of the cover system, which is expressed as follows:

hy
I, = .lL
Lsin B

(17.4)

Force Analysis and Factor of Safety Against Uplifted-Floating
Failure, FS,f

The forces acting on the failure block (AEFI) and mass above the failure block (IFCJ)
are shown in Figs. 17.5 and 17.6. These forces acting on the blocks are described as
follows (Figs. 17.3 and 17.4).

The hydraulic pressures acting on the faces AE, EF, and IF for eight different
cases of immersion conditions as shown in Figs. 17.3 and 17.4 are derived following
the method adopted by Chen et al. [3].

Wi = VsatAr is the weight of failure block; W,r = ysu Aay is the weight of mass
above failure block; yy,, is the saturated unit weight of cover soil; Rag, Rer, Rir
are soil pressures acting on the faces AE, EF, and IF in failure block, respectively;
Rir and Rpc are soil pressures acting on the faces IF and FC in the mass above failure
block; Sag and Sir are shear resisting forces acting on the faces AE and IF in failure
block; Sf. is the shear resisting force acting on the face IF in mass above failure
block; Ugg, Ui, Uy are hydrostatic pressures acting on the faces AE, EF, and IF
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Fig. 17.3 Different cases of
immersion levels for the
calculation of hydraulic
pressures in uplifted-floating
failure mode when

Q > h/Ltan B, i.e.,

a1 > IrG

Fig. 17.4 Different cases of
immersion level for the
calculation of hydraulic
pressures in uplifted-floating
failure mode when

Q < h/Ltang,i.e.,

a1 < IrG

Fig. 17.5 Forces acting on
failure block ‘AEFI’ when
there is an internal seeper

in failure block; Ul/é, Uf are hydrostatic pressures acting on the faces IF and FC in
mass above failure block. The ‘z’ is the case number shown in Figs. 17.3 and 17.4.
The present study assumes the horizontal seepage build-up condition in the analysis.

The factor of safety against uplifted-floating (uf) failure (FS,,) can be obtained
using the force equilibrium approach and is given by Eq. (17.5).
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Fig. 17.6 Forces acting on
mass above the failure block
‘IFCJ’ when there is an
internal seeper

2ch + pWy + qWys — (Uig + Ug) tan ¢

FS”f = U?
AE

(17.5)

where p = (sin B tan ¢ + cos ) and ¢ = 2 sin § tan ¢.

Results and Discussion

Koerner and Soong [8] recommended the use of the minimum factor of safety of 1.5
for the design of veneer cover soil against sliding failure. However, there were no
recommendations available in the literature on the allowable factor of safety against
uplift floating failure available. Therefore, the minimum factor of safety of 1.5 is
chosen for the design of veneer cover soil against uplift floating failure. The allowable
thickness of cover soil layer (/) corresponding to the target factor of safety (FS,, >
1.50) against uplifted-floating failure is computed. The present study considers the
following range of design parameters: slope angle of veneer cover (8) = 10°-60°,
length of slope of veneer cover, (L) = 5-80 m, height of the landfill (H) = 5-70 m,
thickness of cover soil layer (k) = 0.1-1.5 m, stability number (c/y;,s H) = 0.02,
0.04, and 0.06, angle of internal friction of cover soil (¢) = 20°, 25°, 30°, and 35°,
and immersion ratio () = 0, 0.1 to 0.7. Figures 17.7a—d, 17.8a—d, and 17.9a—d are
the design charts developed for c/ysH = 0.02, 0.04, and 0.06, respectively, for
different values of friction angle (¢) under different immersion ratio (/;) conditions.

Effect of Immersion Ratio (I,)

It can be noted from Figs. 17.7a—d, 17.8a—d, and 17.9a—d that the optimum cover
soil thickness (%) required to stabilize the cover soil increases with the increase in
immersion ratio (/;). This is because of the increase in uplifting forces caused by the
increase of seepage forces with immersion level.
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Fig. 17.7 Optimum thickness of cover soil layer (&//H) for ¢/ ysat H = 0.02, co/ysat H = 0.013 for
different values of immersion ratio (/) and friction angles

03 03

L/H

Fig. 17.8 Optimum thickness of cover soil layer (&//H) for ¢/ ysat H = 0.04, co/ysat H = 0.027 for
different values of immersion ratio (/) and friction angles
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L/H L/H

Fig. 17.9 Optimum thickness of cover soil layer (&/H) for ¢/ysat H = 0.06, co/ysas H = 0.04 for
different values of immersion ratio (/) and friction angles

Effect of ¢ and ¢/ ysos H

Figures 17.7a—d, 17.8a—d, and 17.9a—d show that the optimum cover soil thickness
(h) reduces with the increase in values of ¢ and c¢/ys H. This is due to the increase
of shear resistance within the cover soil layer with the increase of shear strength
parameters (c and ¢) as per Mohr—Coulomb law. This indicates that improving the
cohesion and friction angle of cover soil can stop the occurrence of uplifted-floating
failure for a designed thickness of cover soil.

Effect of L/H Ratio

It can be observed from Figs. 17.7a—d, 17.8a—d, and 17.9a—d that the optimum cover
soil thickness (%) increases as the I/H ratio increases for all the immersion ratios (/).
This is owing to the fact that failure ratio (£2) reduces with the increase in length of the
slope of cover soil (L) resulting in the reduction of anti-uplifting forces. Therefore,
an increase in cover soil thickness (/) brings forth the required anti-uplifting forces
for the veneer cover system to attain stability against uplifted-floating failure.
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Design Example

Assume an MSW landfill of height (H) of 10 m and slope angle (8) of 30°. The
parameters considered for the design of the veneer cover system are as follows:
stability number (c/yso H) = 0.04 and angle of internal friction of cover soil (¢) =
25°. The drainage layer of the veneer cover system is assumed to be accumulated with
internal seeper with an immersion ratio (/) of 0.3. For the above given specifications,
the optimum thickness of cover soil layer (7) required to resist uplifted-floating failure
for the factor of safety (FS,) > 1.50 can be computed as follows: For the design
conditions of the veneer cover system mentioned above, Fig. 17.8b needs to be used
to determine the value of h. The computed length of the slope (L) = H/sin 8 is 20 m,
and therefore, the L/H ratio becomes 2.0. The corresponding /#/H ratio of 0.13 is
obtained for /, = 0.3 and L/H = 2.0 from Fig. 17.8b. Therefore, the optimum cover
soil-layer thickness (/) is obtained as 1.3 m using the relation, 2 = (W/H) * H.

Conclusion

The present study recommends the optimum veneer cover thickness () to resist the
uplifted-floating (uf’) failure of the veneer cover system of MSW landfill. Limit equi-
librium approach is used to obtain the expression of a factor of safety (¥S,,) against
uplifted-floating failure. This study targets the factor of safety against uplifted-
floating failure (FS,r) > 1.50 for the successful and durable performance of the
veneer cover system. The optimum length of cover soil slope (L) can also be estimated
for a given h/H ratio.
The conclusions drawn from the study are as follows:

e The immersion ratio (/;), friction angle of cover soil (¢), and stability number of
cover soil (¢/ys H) influence the optimum thickness (4) of the veneer cover soil
layer.

e The optimum thickness (%) of the veneer cover soil layer obtained from the design
charts is the minimum permissible thickness required for the target value of the
factor of safety, F, Suf > 1.50.

e The optimum thickness (%) of the veneer cover soil layer may be increased with
the increase of immersion ratio (/).

e The optimum thickness (#) of veneer cover soil layer may be reduced with the
increase in values of ¢ and ¢/ ys H .

e The optimum cover soil-layer thickness (%) increases with the increase in value
of L/H for the constant values of I, ¢, and ¢/ Y H.
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Chapter 18 )
A Concise Review of State-of-the-Art oo
on Landslide Monitoring and Warning

System in India

Shikha Sharma @, Naresh Mali®, and Venkata Uday Kala

Introduction

Landslides are a major problem in hilly areas due to the sloped terrain [22, 52,
66]. When the driving forces increase or the resisting forces decrease, the slopes
tend to destabilize. Landslides are caused by an imbalance of forces in slip planes
in geological substrata. Gravity is constantly at work pushing the soil and rock
mass down the slope. As a result, landslides are unpredictable because substrata
can be resistant to slippage for centuries before experiencing instability, disrupting
the balance between driving and resisting forces. This imbalance of forces can be
caused by both natural and anthropogenic factors [36, 37]. Natural causes include
non-site-specific geological, morphological, and hydrogeological aspects. While the
anthropogenic causes of this disaster in the hills include encroachment, deforestation,
unplanned drainage, and construction activities. As a result, it is necessary to assess
the risk associated with the landslide hazard by developing control measures in both
structural and non-structural forms. Avoidances, removal, and stabilization of the
unstable slope are structural measures for hazard control. These measures, however,
are effective but impractical. Mitigating the unstable slopes from imminent failure for
the entire hilly terrain is uneconomical. As a result, real-time early warning systems
can be used to deploy an alternative and non-structural measure for consequential
risk assessment and control.

Time-based monitoring methods are used to predict impending hazards and, as a
result, to develop early warning system schemes. These early warning systems (EWS)
are designed to detect significant changes in the environment by using thresholds to
generate necessary alarms in the form of alerts and warnings. Landslide monitoring
is typically sensor-based, with data collected in real-time transferred and analyzed,
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and slope failure alarms developed after validation with thresholds. These alarms are
then forecasted in order for local authorities to generate susceptibility maps [29, 30,
51, 54-57, 61, 62, 64] for preparedness and evacuation in order to avoid casualties.
The monitoring scheme is carried out at different scales to reduce false alarms in
order to increase the confidence of the prediction. As a result, the monitoring scale
is divided into regional, zonal, and local scales based on the spatial distribution of
hazards.

Regional Scale Monitoring

Regional scale monitoring focuses on specific regions with similar geological, hydro-
geological, and morphological characteristics, as well as the same environmental
conditions. As a result, a physical and empirically based model for generating land-
slide thresholds can be developed. Rainfall is a major contributor to landslides. In
India, 77% of all landslides occurred during the monsoon season in sloped geograph-
ical areas. Daily rainfall, preceding rainfall, and storms alter the hydrogeological
condition of the soil by altering its water content. As water seeps into the subsur-
face layers, it raises pore water pressure and thus reduces effective normal stresses,
resulting in a decrease in soil shear strength. The factor of safety decreases as the
shear strength of the soil, which is the resisting force, decreases. As a result of these
changes in geotechnical characteristics, soil instability occurs. Furthermore, rainfall
increases the destabilizing force due to soil saturation and decreases the resisting
forces by reducing shear strength, resulting in the majority of slope failures during
the monsoon. As a result, rainfall becomes an imminent triggering factor of slope
instability, which leads to landslides when it equals or exceeds the threshold value.

The rainfall thresholds are defined as the amount of rainfall a slope can with-
stand before triggering a landslide and are calculated using past cumulative rainfall,
antecedent rainfall, and daily rainfall data combined with landslide susceptibility
data [1-10, 17, 18, 27, 28, 33-35, 38, 49, 50, 59, 63, 65]. Thresholds are not repre-
sentative and are subject to change as the topographical, geological, and hydrological
characteristics of a location change. The same intensity and duration of rainfall that
causes severe damage in one location may not cause even a landslide in another.
Various studies of these thresholds are carried out using various physical and empir-
ical models, taking into account the variability and randomness of the phenomenon.
Due to non-uniformity, various factors such as lithology, morphology, and soil char-
acteristics are not considered when conducting such statistical analyses using rainfall
thresholds.

The indirect impact of rainfall on the soil is studied directly using physically based
models by combining rainfall patterns with geotechnical and geometrical properties
of soil to predict soil instability. Empirical models or statistical analyses of rainfall
data are used to derive empirical thresholds for a regional, zonal, and local level for
quantitative prediction of landslides [4, 10, 24,26,29-31, 57, 60]. The empirical anal-
ysis is useful for aggregating rainfall for specific landslides, defining thresholds for
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antecedent rainfall, and incorporating hydrogeological conditions. Furthermore, for
quantitative prediction, data-driven analysis between locations of landslides caused
by rainfall and rainfall parameters in the form of cumulative rainfall, antecedent rain-
fall, intensity—duration data, and event duration analysis are evaluated. The intensity—
duration (/-D) thresholds [5, 18, 32, 50], rainfall event—duration (E—D) thresholds
[34], and rainfall event—intensity (E-I) thresholds are the three types of precipita-
tion parameters. This type of statistical analysis of conditioning factors based on
geographical factors is investigated at three different scales: regional, local, and
zonal. Also regardless of geographical variation, the global threshold provides the
minimum level above which landslides are likely to occur. This global threshold
was empirically defined using a power-law model that took into account the inten-
sity and duration of rainfall regardless of geomorphological, hydrological, or litho-
logical conditions. However, over time, by defining local conditions and soil types,
various regional specific thresholds are defined using intensity—duration models with
probability density of the residual using kernel density estimation, a nonparametric
technique for estimating the probability density function of random variables.

Mathematical Relationships Were Developed for Historical
Rainfall Data in India

In general, intensity—duration threshold equations [15, 18, 23, 24, 32, 38, 50] connect
the mean rainfall intensity (/) with the rainfall event duration (D), as shown in
Eq. 18.1:

I=aD P +¢ (18.1)

where « and f are empirical parameters, and ¢ are constants. In general, ¢ = 0.
The intercept and slope of the graph are then calculated from the log—log plot of
duration and intensity. As a result of the nature of the intensity—duration threshold
equation, an intense rainfall event with a short duration can cause slope failure; a
small intensity rainfall event with a slightly longer duration can cause a landslide.
However, the rainfall thresholds are not accurate due to a gap in acquiring rainfall
data, which causes the estimation of intensity—duration profiles to be inconsistent.
To overcome this ambiguity, data from local rain gauges, increasing the avail-
ability of satellite-driven precipitation to derive regional-scale data, or using the
stochastic dis-aggregation technique to allow rain rate fields collected by radar and
numerically simulating the statistical pattern can be used. A significant amount of
research has been conducted in the Indian Himalayan region [30-34] to investigate
rainfall thresholds in the Gharwal region by deriving a relationship between intensity
and duration on a log-log plot. Also, the intensity—duration plot for the Kalimpong
region was established using a probabilistic approach. Several researchers developed
event duration relationships to better understand the cumulative effect (Table 18.1).
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’.I‘able.18.1 De:velop ed Literature I-D relationships Region
intensity—duration
relationships for different Mathew et al. I=587D112 Gharwal region
areas in India [50]
Kanungo and I=182D0% Chamoli-Joshimath
Sharma [38] region
Dahal and I1=73D707 Gharwal region
Hasewaga [23]
Dikshit and 1=372D048 Kalimpong region
Satyam [24]
Harilal et al. I =4326D7078 Sikkim region
[33]

Zonal Scale of Monitoring

Data-driven models are used to calculate the likelihood of a landslide occurring in
a given location by taking into account the precipitating factors and analyzing the
spatial distribution of the cause—effect relationship for the given zone.

The statistical and machine learning techniques are used in data-driven models.
The statistical relationships between various triggering factors at a given landslide
location were evaluated, and quantitative predictions for landslide-free areas under
similar conditions were made. The relative importance of the factors that can cause
landslides is determined by this practice. The problem can be treated as binary clas-
sification for these data-driven approaches, and the data were obtained from various
sources. The researchers were assisted in producing the landslide hazard mapping by
using geographical information systems (GIS) in conjunction with machine learning
algorithms. The susceptibility analysis took into account geological and geomorpho-
logical characteristics, as well as historical rainfall data [11-16, 18-20, 28, 34-49,
54, 55].

Prior research studies showed that the application of machine learning techniques
and the GIS was used to develop hazard mapping [21, 53]; however, locating the
individual locations where failures are likely to occur in the future is difficult. As
a result, the loop with the highest probability of occurrence yields the most prone
landslide zones. Several machine learning techniques were also used to prepare the
landslide susceptibility mapping. The landslide susceptibility mapping was devel-
oped for the Indian Himalayan region, taking into account the causal factors extracted
from geological and geomorphological characteristics and treating the problem as a
binary classifier [34—49]. Several studies found that land cover, slope aspect, and other
factors were the most influential in the occurrence of landslides, and the resulting
influential parameters were obtained using feature selection machine learning tech-
niques. Furthermore, various machine learning techniques such as random forest,
artificial neural network (ANN), and AdaBoost outperformed the other models used
[11-16, 18-20, 28, 3449, 54-56].
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Stochastic disintegration techniques are currently being developed in order to
generate many different outcomes from a single input field in order to determine the
vulnerable area to the given triggering factor. Because it accounts for uncertainties
in the available data, this probabilistic analysis has the highest predictive capacity.
The results obtained through data-driven models are reliable because they uncover
the relationships between various triggering factors and landslide locations.

In place of the various available technologies, as mentioned in the literature,
the real-time predictions were modified by taking into account local topographical,
rainfall data, geotechnical, and hydrological characteristics. Physical-based methods
combined with field study results help to reduce the false predictive capability when
combined with data-driven models.

Site-Specific Monitoring

Various triggering factors govern different types of slope failures, depending on soil
characteristics, hydrogeological conditions, topography, lithology, and slope geom-
etry. Sensors are installed at the local level to monitor local geographical indicators
such as displacements, tilt, suction, capillary action, gully formation, and soil erosion,
which can be potential causes of landslides.

To monitor these in-situ slope failure conditions, a flexible and customizable
system that can adapt to different contexts based on relevant parameters is required
for generating necessary alerts. The implementation of remediation work to reduce
risk comes at a high cost, but site-specific monitoring using sensing technology, and
IoTs is not only less expensive but also more reliable and accurate [3, 14-18, 21—
24, 42, 50-53, 57, 58]. Different sensors can be installed to govern these failures
depending on the various triggering factors, such as for rockfall, and crack-o-meter
can give alerts about the displacement criteria, tensiometers for soil suction, and
accelerometer about slope sliding. Prior research studies have included the creation of
alandslide monitoring and early warning system that is susceptible to rainfall. Several
researchers proposed that the concept of rainfall-induced slope failure prediction
methodology could be achieved by observing moisture content responses at different
levels within the soil slopes.

Furthermore, numerical and physical-based studies were used for early warning
system against slope failure hazards [3, 7, 19, 24, 25, 33, 47, 49, 50, 59]. It was
suggested that the increase of moisture levels against rainfall events from the field,
numerical and physical-based studies were used for early warning system against
slope failure hazards. According to Wang et al. 2018 [67], triggering thresholds for
robust early warning systems were defined, such as displacement detection using
a microelectro-mechanical system (MEMS), accelerometer sensors, temperature
measurements, and a tensiometer to measure the suction capacity of the soil. The
most commonly used sensors are rain gauges, which are calibrated to measure the
amount of rainfall in a given area, and sensors used for landslide monitoring, which
should be calibrated and then installed [3, 19, 25, 42, 47]. Thus, sensors contribute
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Table 18.2 Depolyment of the sensing technologies used in India

Literature Sensors used for deployment Region
Aggarwal et al. [11] Vedio camera India

Dikshit et al. [25] MEMS (Tilt and moisture sensors) Kalimpong, India
Chaturvedi et al. [20] MEMS (Accelerometer and moisture sensors) Mandi, India

to long-term risk management by monitoring triggering thresholds and cataloging
signals that typically cause different types of landslides.

Aside from traditional monitoring systems, new technologies such as UAV
photogrammetry, remote sensing (RS) technology, InSAR, and digital close-up
photogrammetry are some visual sensors that can perceive more information and
contain a network capable of handling higher level visual tasks. Aside from sensors,
one of the most significant technological advancements that has emerged is the devel-
opment of IoTs, which is an effective early warning tool. Integration of various field
processes with the Internet and improved connectivity between different components
result in automated innovative monitoring tools. This automated monitoring system
theory operates on three levels: (1) Perception layer: for gathering and transmitting
site-specific information. (2) Data layer: data from sensors is gathered and elaborated
to produce the desired output. (3) Presentation layer: the results for providing the
required forecast. The resulting study of risk reduction using sensors in vulnerable
areas is site specific and is zeroed in on after the stochastic disintegration technique.
Following statistical analysis at the zonal and regional levels, landscape models are
created to demarcate threshold values in order to identify precursors of triggering
factors. The focus on the threshold cannot be predicted globally, but only locally,
which requires iterative and intense temporal data. Sensors can only monitor the
indirect factors that contribute to slope failure, such as soil moisture content and
water table level, but not the actual cause of failure. Sensor design technology and
architecture are deterministic in the absence of other uncertainties (Table 18.2).

Sensing technologies were used all over the world. For the field, laboratory,
and physical-based studies, the soil movement data and rainfall data obtained from
sensing technology combined with IoT were used to predict future slope failure
events. Prior research looked into several approaches to reduce false alarms using
historical rainfall data, field monitoring data, results from data-driven models, and
physical-based approaches. The rainfall thresholds were calculated using proba-
bilistic, statistical, and physical methods [1-10, 17-34]. Real-time sensor data were
combined with machine learning techniques to predict future events based on rainfall
threshold equations.
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Conclusion

Landslide losses can be mitigated through structural measures that can redeem from
future occurrences of sliding events, or through non-structural measures that reduce
the consequences of the risk involved. In either case, the risk of a landslide hazard
can be reduced while adhering to the cost-effectiveness and longevity of the method
proposed to address the underlying cause. Non-structural methods include mapping,
hazard zonation, and landslide monitoring, and a warning system aids in the gener-
ation of alerts for impending threats. These methods are highly predictive and have
saved numerous lives. Several advanced technologies used in the Indian Himalayan
region were discussed in the current paper. The quantitative method of early warning,
on the other hand, is deterministic and does not take into account the temporal vari-
ation of triggering factors. Furthermore, it focuses on simple thresholds locally and
is not a representative method for measuring triggering aspects. As a result, precise
thresholds can be determined through efficient data collection and analysis in order
to develop robust technology for early warning systems.
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Chapter 19 )
Probabilistic Slope Stability Analysis oo
of Bioreactor Landfills

Ankit Goel, Subhadeep Metya (@, and Gautam Bhattacharya

Introduction

A landfill forms one of the most popular waste disposal methods all around the
globe. In recent times, it has become the dominant method of removing municipal
solid wastes because it is the most convenient and cost-effective method of storing
this type of waste, particularly in developing countries. India, for instance, produces
more than 55 million tons of MSW each year, with a yearly increase of roughly 5%
according to the Energy Alternatives India (EAI) report. Solid waste production in
India’s small, medium, and large cities is estimated to be between 0.1 and 0.3 kg
per capita per day, and the annual growth in per capita waste production is nearly
1.33 percent per year. The volume of municipal solid trash is continually increasing
and its composition is changing as a consequence of rising urbanization, shift in
lifestyle and eating habits, etc. Waste accumulation has never been a threat in the
past, but due to globalization and industrialization, a more effective waste disposal
system is now needed. Accordingly, for the design of conventional landfills, moisture
infiltration is kept to a minimum [23]. Due to the absence of moisture, the waste
mass degrades at suboptimal rates for years and centuries. Pohland [15] proposed
the idea of enhancing the waste degradation by the inclusion of extra water. Based on
his proposed methodology, a new dumping technology known as bioreactor landfill
has emerged [8]. Recent advancements in sanitary landfill studies have shown that
use of landfills as bioreactors is a more sustainable method of waste management.
In a traditional landfill, waste is deposited to delay the biodegradation process by
reducing moisture entry. Bioreactor technology, on the other hand, speeds up the
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biodegradation process in landfills by regulating moisture input (leachate migration)
and increasing nutrients and bacterial populations. Due to the slower generation
and atmospheric release of methane-rich landfill gas, as well as resource depletion,
operating ordinary landfills only for the purpose of limiting ground water pollution
is not economical in respect of material and space and may be counterproductive.
Faster biodegradation means quicker waste stabilization which allows landfill owners
to utilize space. While a traditional landfill can take 50—100 years to stabilize waste, a
bioreactor landfill may do so in 5-10 years [24]. Improved biodegradation increases
the output of landfill gas (LFG), making it possible for landfill operators to recover
methane at a profit. The faster breakdown of waste in bioreactor landfills also has a
significant impact on the geotechnical properties of the trash. With all these benefits,
bioreactor landfills have a few demerits such as the increase in leachate leaks, odors,
likelihood of standing water, and fire, especially in aerobic systems [21]. Side slope
stability, perched liquid inside the landfill, differential settling, and watering out from
gas collection lines are some of the potential issues to be concerned about.

With greater understanding of landfill behavior and MSW breakdown, there has
been a significant progress to update the existing landfill process from a storage
or confinement strategy to a process-based system such as a bioreactor landfill.
However, due to the early decomposition of MSW, there are several stability chal-
lenges associated with the bioreactor landfills. Lot of effort, both analytical and
experimental, has been put in to handle these concerns. It has been found the stability
of these landfills decreases with decomposition [8], and hence, it should be designed
according to advance stages.

In finite element platform, Varga [22] has discovered that as the degradation
process advances, the factor of safety (FS) decreases, and stressed the importance
of stability considerations in deposition process design to avoid unexpected failure.
Hiroshan and Louis [7] have used PLAXIS to conduct stability analyses of unrein-
forced and geogrid reinforced MSW slopes and demonstrated how geogrids might
help in enhancing stability of bioreactor landfills. Rajesh et al. [16] demonstrated
the significance of MSW property variability in stability analysis. Ismail et al. [9]
have also used PLAXIS to study the slope stability of conventional and bioreactor
landfills which have revealed a significant decrease in FS for bioreactor landfill as
compared to the conventional landfill.

The ambiguity associated with the municipal waste properties due to wide vari-
ability of deposited waste, time-dependent behavior, challenges in collecting and
testing typical samples. Strain inconsistency amidst the MSW and underneath mate-
rial has prompted the researchers to study the stability of MSW landfill within
a probabilistic framework. Researchers including Srivastav et al. [20], Sivakumar
Babu et al. [18], Datta and Sivakumar Babu [2], Rajesh et al. [16], Reddy et al.
[17], Mehdizadeh et al. [10] have highlighted the importance of all these aspects
and studied the simulation-based probabilistic slope stability analysis. But none of
these studies has applied the first-order reliability method (FORM) [4] as a reliability
model to measure the slope stability, more so in relation to the bioreactor landfill.

Keeping the above in consideration, the study in this paper presents a reliability-
based assessment of a bioreactor landfill having 1V:3H slope [5] using the FORM.
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The limit equilibrium methods, namely the Bishop’s simplified method [1] and the
Spencer’s method [19] have been employed to re-analysis the slopes in identifying
the critical slip surface and the associated minimum factor of safety. The following
parts are given with salient aspects and key observations from the investigation.

Analysis Methods and Illustrative Example

Limit Equilibrium Based Deterministic Stability Analysis

Slope stability analysis is a statically indeterminate problem and engineers use a
variety of methods for its solution. The conventional slope stability analysis methods
can be categorized as the limit equilibrium, the limit analysis, and the finite element
analysis. The bulk of computer techniques for stability analysis for a two- or three-
dimensional model are based on the concept of limit equilibrium. Under plane strain
conditions, two-dimensional sections are analyzed. Simple analytical approaches to
stability analysis of two-dimensional slope geometries usually provide useful insights
into slope design and associated risk management.

The simplified Bishop approach and the Spencer’s method were employed in
this work, based on the multiple slice limit equilibrium methods available for slope
stability analysis. The Bishop’s method considers a slip surface of circular shape
and satisfies overall moment equilibrium of the sliding mass. In this method, it is
assumed that the side forces of any slice have zero resultant in the vertical direction.
An iterative method has to be used to solve for the factor of safety. The Spencer’s
method also considers a circular slip surface but satisfies both force and moment
equilibrium conditions.

In this paper, a 27-m-high MSW landfill with side slope of 1 vertical: 3 horizontal,
as shown in Fig. 19.1, has been selected as an illustrative example. Four layers of solid
waste have been considered for the bioreactor landfill. The configuration has been
adopted from Haque [5]. The layers 1 to 4 represent the stage of landfilling. Each layer
is originally assumed to be decomposed at different stages. The assumption is that
layer 1 is in the initial decomposition stage immediately after landfill closure and, at
the same time, layers 2, 3, and 4 are in, respectively, the second, third, and last stages of
decomposition. With the passage of time, the MSW layers are predicted to approach
to next stages of decomposition and eventually after the complete stabilization, the
MSW layers will be at the last stage of decomposition of bioreactor landfill.

As already stated, the above two methods are selected for determination of safety
factor and for evaluating the performance function for the reliability analysis. The
solution method for FS of a particular slip surface is formulated as a mathematical
programming problem, which is solved using the sequential quadratic programming
(SQP) methodology in MATLAB [11-14]. SQP method is one of the most promising
methods for numerically solving constrained nonlinear optimization problems [3]. It
has a strong theoretical basis and efficient algorithmic methods for solving large-scale
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Fig. 19.1 Cross-section of
the MSW landfill slope
model (after Haque [5])

Natural Ground

technologically related problems. The job of determining the critical slip surface is
similarly described as a mathematical programming problem which is handled again
using the sequential quadratic programming (SQP) technique. The coordinates of the
initial slip surface were chosen judiciously and with the help of this, the coordinates
of several trail slip surfaces for a particular stage were generated, and slip circle
having the minimum factor of safety (FSy,,) is accepted as the critical slip surface.

Probabilistic Stability Analysis

Among the family of first-order second moment (FOSM) reliability techniques, the
FORM has established itself as the most versatile method, and is used in this study
[4]. The fundamental feature of this method is that it calculates the design point in
the reduced coordinate system which is the shortest distance from the origin to the
limit state surface. This minimum distance is called the reliability index symbolized
as B [6]. Reliability index determination is framed as an optimization problem and
answered using MATLAB environment with the SQP. The solution produces the
design point on the failure surface and associated reliability index S. The reliability
index can be determined using the coordinates of the deterministic slip surface. In
terms of reliability index (8), the probability of failure (Pg) has been determined as
Pr = ®(—p) = 1 — ®(B), , where P(.) signifies the cumulative standard normal
distribution function.

Results and Discussion

Results of the Limit Equilibrium Based Slope Stability Analysis

Table 19.1 presents the solid waste parameters used in this study, and as reported in
[5], these parameters were determined based on extensive laboratory experimenta-
tions on MSW samples collected from a transfer station in Burlington, Texas. At first
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Table 19.1 SOli(,i waste Material set Unit weight Cohesion | Friction angle
parameters used in the study o KN/m? | ¢, KN/m? | ¢
(after Haque [5]) Y moist, ’

Phase 1 9.01 11.2 26.7°

Phase 2 9.44 20.5 21.5°

Phase 3 10.22 53 20.6°

Phase 4 11.02 24 19.0°

Natural ground | 15.90 9.60 30.0°

Table 19.2 Summary of factor of safety values from different studies

Stage of decomposition | Haque [5] | Present study (FSpin)
PLAXIS PLAXIS | Bishop’s simplified | Spencer’s method
method
1 2.31 2.313 2.520 2.335
2 1.77 1.774 1.994 1.862
3 1.44 1.442 1.540 1.483
4 1.34 1.339 1.427 1.375

for the purpose of validation, the landfill model has been re-analyzed in PLAXIS to
compare the outcomes reported by [5]. The closeness of entries in the two “PLAXIS”
columns (Table 19.2) serve to validate developed model used. As already stated, two
limit equilibrium methods, namely the Bishop’s simplified method and the Spencer
method have been adopted for calculation of factor of safety (FS). Further, the factor
of safety of a candidate slip surface is designed as a mathematical programming
problem which is solved in the MATLAB setting using the SQP technique. The
coordinates of the initial slip surface have been selected judiciously and the interme-
diate slip surface coordinates during the optimization run have been obtained. The
slip circle with the least FS is then designated as the critical slip surface. The results
of the limit equilibrium analyses are presented in Table 19.2.

The factor of safety values obtained by using the FEM and LEM-based assess-
ments at various phases of decomposition are plotted in Fig. 19.2. With time needed
for decomposition of MSW, the factor of safety values gradually decrease in the case
of bioreactor landfills. The factor of safety decreased from 2.313 in phase 1, i.e.,
immediately after closure to 1.339 in phase 4, i.e., after complete decomposition. As
the solid waste progresses to the subsequent stages of decomposition, the strength
qualities of refuse decreases which is attributed to the decrease in factor of safety
values. It may be noted that in general, the FS values obtained using the limit equi-
librium analysis are slightly on the higher side with maximum difference of 12.40%
in the Bishop’s method and 4.96% in case of Spencer’s method as compared to that
obtained using the FEM-based analysis at different phases of decompositions. This
is as per expectation due to the relatively rigorous nature of analysis carried out in
the Spencer’s method.
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Fig. 19.2 Factor of safety
from FEM and limit
equilibrium analysis

= =#== PL AXIS (Haque 2007)

Factor of Safety

«+ -+« GSTABL (Haque 2007)
e PLAXIS (In this study)
==+ Bishop's method (In this shudy)

== Spencer’s method (In this study)

Phase 1 Phase 2 Phase 3 Phase 4

Stages of Decomposition

Results of the Probabilistic Slope Stability Analysis

As already mentioned, the FORM has been adopted to determine the reliability index
and the allied probability of failure. The statistical parameters used for reliability
analysis are given in Table 19.3. Using the developed computer program, the values
of reliability indices and their associated probabilities of failure have been determined
and presented in Table 19.4.

Sensitivity Analysis

Sensitivity analysis has also been performed using the FORM to identify the input
parameters that played a dominating role on the reliability study. The aim of the
sensitivity analysis is also to classify irrelevant random variables so that they can be
handled deterministically to minimize the problem’s complexity. Figure 19.3 presents
the sensitivity analysis of phase 1 of decomposition of MSW in which cohesion in
layer 3 has been found out to be the most dominating random variable followed by the
unit weight in layer 2. As the waste proceeds to the second phase of decomposition,
the unit weight dominates the cohesion and friction angle (Fig. 19.4) but when the
waste is in phase 3, the cohesion dominated the other two (Fig. 19.5), and finally at
the phase 4 of decomposition (Fig. 19.6), friction angle is found out to be the most
dominating random parameter. Thus, it is observed that there is no such general
trend among the random variables considered, and hence, all the parameters should
be considered for reliability analysis.

Effect of Coefficient of Variation

So far, a special set of coefficients of variation (COV) of the elementary random
variables, as indicated in Table 19.3, has been concentrated for reliability studies.
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Table 19.4 Results from the
L . St P
reliability analysis for the AECS p F
particular set of COV Phase 1 8.63 3.20 x 10718
Phase 2 6.29 1.61 x 10710
Phase 3 3.13 8.72 x 107
Phase 4 2.19 1.42 x 10702
Phase 1
mcohesion ® friction angle = unit weight
-5.79 Cohesion in Layer 3
Unit weight in Layer 2
-3.51 Friction angle in Layer 1
ﬁ Unit weight in Layer 1
= Cohesion in Layer 1
‘5 Unit weight
2 in Layer 3
g -1.13 Friction angle in Layer 2
= Friction angle of layer 4
5 Cohesion in Layer 4
Cohesionin Layer 2
Friction angle in Layer 3
. ) N Unit weight in Layer 4
-6.00 -4.00 -2.00 0.00 2.00
Sensitivity
Fig. 19.3 Sensitivity analysis based on FORM method for phase 1
Phase 2
wunit weight = friction angle = cohesion
-4.62 Unit weight in Layer 2
Friction angle in Layer 2
Cohesion in Layer 1
k)
=
: Unit weight in Layer 1
E Friction angle
= in Layer 1
3 Cohesion in
E Layers 3.4
-0.59 Cohesion in Layer 2

-0.44 Unit weight in Layers 3,4

Friction angle in Layers 3, 4

-5.00 -4.00 -3.00 -2.00 -1.00 0.00 1.00 2.00

Sensitivity

Fig. 19.4 Sensitivity analysis using FORM method for phase 2
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Phase 3

mcohesion m friction angle = unit weight
-2.82 Cohesion in Layers
234
-1.07 Friction angle in
1 Layer 1
-0.38 Unit weight in
1 Layer 1
0.36 - Friction angle
in Lavers 2.3, 4
0.1 |: Unit weight in Layer
2.34
0.07 I Cohesion in Layer 1

-3.00 -2.00 -1.00 0.00 1.00
Sensitivity

Random Variables

Fig. 19.5 Sensitivity analysis using FORM method for phase 3

Phase 4

= friction angle wcohesion = unit weight

Friction angle in Layers
1.2.34

o
&
fg Cohesion in Layers 1,2,3.4
£
Z Unit weight in Layers
3 1234
[
-2.00 -1.00 0.00 1.00

Sensitivity

Fig. 19.6 Sensitivity analysis using FORM method for phase 4

The dependability results change when the COV values of the fundamental random
variable vary throughout the range of values in Table 19.3 are intriguing to watch.

In examining this consequence, the COV values of ¢, tang, y are moved from their
corresponding lower bounds to their upper bounds according to COV¢ = 0.2+0.37,
COVing = 0.1 + 0.1y, and COV, = 0.01 + 0.09n for n ranging from 0 to 1
[11]. The reliability index values have been calculated for individual set of COV
values conforming to a specific value of n and plotted in Fig. 19.7. From Fig. 19.7,
it is observed that as COVs are enhanced from their lower bound (n = 0), and
the reliability index decreased for all the phases of decomposition. But the rate of
decrease has been observed to be very fast in phase 1, and it is slowly decreasing
with increasing degree of decomposition.
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Conclusion

In this study, a numerical simulation of a bioreactor landfill model under various key
design parameters in combination with a probabilistic slope stability analysis has
been presented. Based on the results of different analyses, the following concluding
remarks can be drawn:

1.

The numerical study based on PLAXIS revealed that the factor of safety (FS)
associated with the stability analysis severely dropped as the decomposition
stages progressed, reaching a minimum at the final stages of decomposition.
From the two limit equilibrium methods used for the analysis of stability of the
bioreactor landfill model, it is also observed that the factor of safety decreases as
the stages of decomposition increases but the values of FS are found out to be on
the non-conservative side compared to those obtained from PLAXIS; the margin
of non-conservatism is, however, much smaller with the Spencer method.

From the sensitivity analysis using the FORM, the angle of internal friction
of the MSW is found out to be the most dominating parameter among all the
three random variables considered in the analysis in the final decomposition
stage. However, there is no such general tread observed in the other stages of
decomposition.

The values of the reliability indices associated with the MSW slope decreases
as the waste progressed toward the final stage of decomposition. Thus, it is
observed that the probability of failure of MSW slope is found out to be maximum
at the most advanced stages of decomposition, and hence, the final stage of
decomposition should be taken into account as design criteria while designing
the bioreactor landfill.

The effect of coefficient of variation associated with the random variables on
reliability results has also been investigated. It is observed that as the COVs are
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enhanced in their range from lower bound to upper bound, the reliability index
significantly decreases. The maximum difference is found in stage 1 (56.39%)
and the lowest difference in stage 3 and stage 4 (both are nearly identical at 55%)
while varying n from O to 1.
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Chapter 20

Experimental Investigation of Pull-Out e
Resistance of Grouted Soil

Nails—A Critical Review

Ruchita Salvi and Ashish Juneja

Introduction

Design standards are fixed by various countries with some design issues still unclear
amid some engineers and academicians. Pull-out resistance is a significant parameter
in the design of nails leading to an accurate design. Factors influencing it include
method of installation, overburden pressure, grout pressure, surface roughness of
nail, in-situ water content of soil, soil dilation, and nail bending. This study examines
the evolution of the nail and provides a brief overview of the factors that influence
soil nailing, as well as current design guidelines. The main focus of this study is
to review thoroughly on the factors affecting the pull-out capacity of soil nail like
overburden pressure, change in in-situ moisture content at the grout—soil interface,
grouting pressure, variation in bond strength at the soil-grout interface, and its effect
on pull-out resistance.

Pull-Out Box Tests

Pull-out testing in the lab is a simple and effective way to examine many charac-
teristics of soil nailing in a controlled operated conditions. The capacity to simulate
diverse ground and loading conditions encountered in actual field circumstances is
a benefit of laboratory testing. Several researchers have investigated the behavior of
soil nails, particularly keeping in mind, grout and steel tendons for laboratory pull-
out testing on small-scale and large-scale models. Tei [18], Milligan and Tei [17],
Chu and Yin [2], Pradhan et al. [14], Junaideen et al. [11], Chu [2], Su [16], Su et al.
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Table 20.1 Experimental pull-out tests

Author Test box (m) Test nail | Type of nail Inclination of | Soil type
(mm) the nail (°)

Milligan et al. | 0.6 x 0.6 x 0.6 100 Grouted 0 Clay and
(1997) Sand
Teietal. [17] |0.25*0.25*0.2 |70 Grouted (stiff | 0 Sand

and

extensible)
Chuand Yin |0.7 *0.7 *0.610 100 Grouted 0 Granitic soil
[2], Yin and
Zhou [20]
Junaideen 2*%16*14 100 Grouted 0 Completely
etal. [11], decomposed
Pradhan et al. granitic soil
[14]
Fonzo et al. 1.6 0.8 0.8 75 Grouted 0 Pyroclastic
(2008) silty sand
Su et al. 1%#0.6*0.8 100 Grouted 0 Granitic soil
(2006, 2010)
[15]
Gurpersaud 1.5*%1.2*1.10 100 Grouted 15 Poorly
et al. [5] graded sand
Tokhi et al. 1.5*%1.0%1.0 37.7 Helical nail 0 Clay
[19]
Ghosh et al. 0.69 *0.34 *0.45 |60 Grouted 0 Powai soil
[4]

[15], Zhou [21], and Gurpersaud et al. [5] are some of the most well-known investi-
gators who have conducted pull-out 1box studies models at a large scale. Yin and Su
[16] implemented pull-out studies in an innovative fully instrumented pull-out box to
explore the soil nail pull-out behavior under suitable planned overburden pressures,
degree of saturation, and grout pressures Su [15]; Zhou [21]. In Table 20.1, the main
features of pull-out box studies are presented.

Interface Shear Tests

The behavior of the soil nail interface received good amount of attention using various
sizes of shear boxes. In most cases, the nail/grout is filled in the lower half portion
of the shear box, while the soil is placed in the upper portion. Load and shear is
applied in a similar way as direct shear testing for determining soil shear strength.
As aresult, the direct shear test provides a convenient way to examine the response of
a soil nail under pull-out forces at a small scale. Although the results obtained from
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direct shear tests cannot be correlated directly with field pull-out test, the behavior
of soil at interface can be understood.

In the tests conducted with different type of sand and for medium and large shear
testing apparatus, Pedley [13] noticed that the surface roughness and orientation of
the reinforcement significantly impacted the tensile stresses along the nail, restricting
the shear stress applied. Furthermore, reinforcing stiffness was revealed to have a
considerable impact on soil shear strength, causing a rise in parameters for strength,
and the strength has the effect on reinforcing stiffness. Davies and Le Masurier [3]
used a large shear box to conduct direct shear testing to investigate the soil nail contact
process. To understand the stiffness of the nail and soil, 100 and 200 kPa confining
pressures were applied to the nails with 2 different materials like steel and aluminum
(40 mm dia. and having length of 2.8 m) buried in medium dense and dense sand;
as well as compacted cohesive soil. In direct shear testing using degraded granitic
soil, Hossain and Yin [9] looked at the effect of dilatancy and shear strength on
the interfacial behavior of grout—soil. The hardening or softening of the soil-cement
grout interface, as well as its dilatancy, was influenced significantly by normal stress.

Chu and Yin [2] performed tests on a (0.31 * 0.31, top and 0.41 * 0.31 bottom
sections) shear box and experimental pull-out studies in a box with dimensions of
0.69 m * 0.56 m * 0.61 m high. Laboratory pull-out studies were compared to the
findings of interface shear testing in the shear box with different rough surfaces
textured at angles. The findings of the shear tests and pull-out tests were compared,
and it was discovered that the direct shear box may be used to determine the interface
strength properties which are essential for the design and installation of nails.

Morris [12] executed 7 tests in clay to understand the effect of the interface friction
between grout and soil. The test was performed in the standard direct shear box at
different displacement rates as well as at different vertical stresses. The grout was
prepared same as used in the soil nail pull-out test. The shear rate applied was 0.3, 1.2,
and 0.01 mm/min, and surcharge was changed in the range of 50-200 kN/m?. The
interface friction test was compared with pull-out test to predict the bond strength
of soil nails. The behavior of the effective stress of soil is unknown in either case
of interface and pull-out test, because these were predicted as undrained or partially
drained. The development of shear zone is pretty narrow in case of pull-out test as
it is less confined. As a result, the shear strain is greater for the interface friction
test, and the strain rate is greater than that of pull-out test at the same displacement.
Another reason is in interface friction test, the vertical stress is acting throughout the
test where in case of pull-out test the average of vertical and horizontal stress acting
on the grout surface. So it is practically impossible to create the horizontal stress
quickly in interface friction test, although the shearing rate is kept same for both
the pull-out test and interface test. Finally, the interface friction basically depends
on the roughness of the grouting material, frictional angle, and dilatancy of soil.
Pradhan et al. [14] found that the peak pull-out shear stress increased linearly with
the applied displacement, and after attaining the peak pull-out force, the shear stress
decreases afterward. But in case of the direct shear test result, due to constraining of
displacement, the soil sample reaches to peak shear stress gradually remain constant.
Due to larger displacement obtained in pull-out box, it shows higher cohesion relative



222 R. Salvi and A. Juneja

to that of direct shear box result. When the soil sample is sheared at a displacement
similar to pull-out container it shows almost same cohesion and angle of internal
friction because the soil sample now sheared up to the critical condition state. The
effect of degree of saturation was also observed in the testing. The degree of saturation
changed over the testing procedure to 70, 74, 78, and 86%. It has been found that with
the rise in value of Sr of the soil, the maximum shear stress decreases because due to
saturation, the interlocking friction of soil sample decreases. The surface roughness
of nail also an important parameter as the interface friction angle increases about
9.3% more than in smooth nail surface.

Effect of In-Situ Moisture Content Variation

For large box test, Gurpersaud et al. [5] conducted pull-out research with the setup,
allowing soil nail pull-out testing in inclination, vertical, and horizontal orientations.
The study’s goal was to see how the variation in matric suction is found to affect the
pull-out load of nails in saturated, partly saturated, and unsaturated soil conditions
in sands. It was found that the matric suction and pull-out capacity, and a semi-
empirical approach for predicting the pull-out load of soil nails in saturated soil was
presented based on this finding. It was stated, the drop in pull-out force is because of
the SWCC of the soil under test, which showed that matric suction decreased as the
moisture content increased, rather than the decrease in apparent friction coefficient,
as previously claimed by Pradhan et al. [14], Chu and Yin [2], and Su et al. [15]. The
Sr of the tested soil varied frequently due to the change in the level of ground water,
environment conditions, and rainfall. Due to change in saturation water level of the
soil, the matric suction changes. As shown in Fig. 20.1, the SWCC for every type of
soil is different and according to the existing moisture content in soil while instal-
lation, the response of soil to the nailing can be anticipated. The pull-out resistance
of a nail may go down below acceptable limits in case of severe rainfalls due to the
reduction in matric suction of the soil in the vicinity of the nail. There were just a
few research that looked at the consequence of soil saturation on soil nail pull-out
load. The maximum pull-out load was found reduced by almost 50% when the water
content was increased to the saturation limit of the soil, as reported in the FNRPC
(1991). Pradhan et al. [14] reported the nail soil interface adhesive reaction strength
was decreased because of the increase Sr in the laboratory pull-out tests which was
conducted on grouted nails installed in loose CDG fill performed at NMC and satu-
rated soil. The friction angle at interface remained unaltered. Tests performed on soil
nails at Sr ranging from 38 to 98% as reported by Su [16]; Su et al. [15]; Zhou [22].
After testing the soil samples, it was found that at a high level of saturation (98%)
had been attained.

Shear plane shift was observed in the soil as the in-situ water content changes were
observed with the change in Sr. The displacements observed at peak shear stress for
saturated soil tests were found to be less at saturated state than for partially saturated
soil, and the post-peak pull-out shear stress decreased at a faster pace as the water
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Fig. 20.1 a Soil water characteristic curve (SWCC) and b shear strength versus matric suction;

Gurpersaud et al. [5]

content in the soil increased. The maximum value of pull-out load was observed
at 50-75% and least values are noticed at 38 and 98% which is indicating there
is a contraction of cement grout and decreased water content at soil nail interface
giving lesser bond strength. It is believed that if the existing moisture content of soil
is less, water is more quickly absorbed because of the high matric suction in the
soil. The binding strength developed at the interface between soil and grout affects
because of the shrinkage in grout. This also can be attributed to the existing water
content at which soil nail is installed. In experiments with soil at 38% saturation, an
instantaneous fall in earth pressure around the drill hole was noted after grouting, the
earth pressure was not retrieved after the grout has achieved its strength and cured,
presumably indicating a variance that occurred during the cement curing process.
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Fig. 20.2 Load versus 4
displacement at different soil
suction; Gurpersaud et al. [5]
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This suggests that the influence of moisture on pull-out response of nail is important
and should be considered wisely when designing a soil nailing system (Fig. 20.2).

Ghosh et al. [4] carried out total pull-out tests at a time period after 7, 14, and
21 days of curing period. Change in moisture content was measured at surrounding
soil radially at distances of 45, 60, and 90 mm. The decrease in pull-out resistance
was observed in 7-14 days but after 14 days became constant. Till a radial distance
of 60 mm from the center of the nail, moisture content loss occurs closer to the soil
nails. As demonstrated in Fig. 20.3, shrinkage and creation of gap at the interface of
the soils near the soil nail contact is caused by a decrease in moisture content. Contact
change is the possible reason for the gradual deterioration of pull-out strength.

Hong et al. [6] concluded that water content of soil sample was affected at a
proximity of grouting soil compared to the soil sample observed at a distance. To
validate the result, a field test was conducted on a slope where the height of the
slope is 12 m and the length of the slope in prototype was 26.5 m along with 15° to
48° slope angle. Eight soil nails were inserted, and the soil nail was 2.5 m long and
grouted diameter 100 mm with 1.2 m grouted nail. The pull-out was done after seven
days of grouting in the field where the increment of pull-out force was kept 5 kN.
After achieving the maximum pull-out, it was kept pulling out so that water content
could be measured at grouting interface. The more the water content, the lesser will
be the pull-out resistance. A new term water content ratio was introduced as:

Sy = Ws/ W, (20.1)
Here W surrounding water content and W, is the water content value to the radial

distance of grouting soil water content after the pull-out test had been completely
done. The water content ratio fluctuates between 0.15 and just about 1. The picture
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Fig. 20.3 Variation in moisture content with vertical distance from nails; Ghosh et al. [4]

depicts the results of the laboratory pull-out tests conducted by various researchers,
with the water content ratio changing during the test., Zhou [21], Chu [2], Chai [1].

The reason for changing the water content ratio is due to the strength achieved
because of the heat of hydration effect of cement grout which absorbs the water from
the soil radially extending from the nail. The field test result shows a pretty much
scattering plot because of the unpredictability of soil sample in the field.

Ghosh et al. observed water-cement ratio to prepare the grout which is also an
important parameter to achieve the required strength of soil nail. In grouted nails,
the water to cement ratio is kept to be 0.4—0.5. The compressive strength of grout
mixture decreases as the water-cement ratio increases. In grouted soil nail procedure,
hydration of cement starts as soon as the cement comes in contact with the moisture
in the soil and due to the hydration effect may lead to bond breakage of soil and
hence the pull-out load of the nail will reduce.

Hydrated cement can absorb up to 20% of its own weight in water from the
earth around it. Inadequate moisture present in the soil will eventually impact the
soil’s complete strength. Furthermore, the grout interface was found to be the most
influential componentin a soil nail’s pull-outresistance, causing a substantial increase
in pull-out force by forming a strong link between nail and the soil. Grout injection
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into the soil causes spaces in the surrounding soil to fill and solidify, enhancing the
nail’s bonding to the soil, and resulting in increased pull-out resistances.

Effect of Overburden Pressure

Investigators including Su et al. [15], Yin et al. [20], Zhou et al. [21], Su et al. [16]
studied the impact of pressure exerted due to the existing overburden on the pull-
out load response of soil nails installed in compacted fill material including CDG
soil. The numerical simulations exhibited that dilatancy due to constrained soil was
linked with overburden pressure, but a direct relationship was not observed to affect
the load response of the soil nail. However, the studies performed by Yin and Zhou
[20] reported that at low pressures applied to the grout the pull-out resistance is
barely reliant on the pressure exerted by the overburden. The effect was found to be
increased for higher grout pressures (Fig. 20.4).

In parametric studies carried out by Su et al. [15] using FEM analysis to investigate
the effect of overburden, which did not show much variation as compared with the
variation spotted in laboratory testing.

Zhou et al. [21] reported from the FEM analysis that pull-out load showed incre-
ment as either the overburden or the grout pressure is increased. This was addressed
by Isaka et al. [10] conducted pull-out studies in lateritic soils under different over-
burden load and at different saturation of soil. The influence of the grout interface
on pull-out resistance was also assessed in this study. The pull-out force increases
with increasing overburden pressure, hence the fill height up to the nail interface
and the externally applied surcharge must be corelated in the design of nails and
constructions, according to the test results.

x GP = 0kPa © GP = 80 kPa
4 GP= 120kPa OGP = 250 kPa

y=0.2179x + 54.427

-

Peak shear stress (kPa)

y=0.0162x+ 53459 Y=
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Fig. 20.4 Peak shear stress versus initial overburden pressure at various grouting pressure
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The results of all tests conducted by Yin and Zhou [20] were combined and
analyzed to look at the impact of grout pressure and overburden at the soil-grout
interface and its shear strength. Due to collapse of surrounding soil arching action,
vertical tension around the soil nail rises to some amount during saturation, but
remain well below the original vertical overburden stress. The bigger the rise in
tension found, the higher the grouting pressure applied. Mutually, overburden stress
and grout pressure both have an impact on nail pull-out response. When the grout
pressure is low, the soil nail pull-out resistance is barely or marginally affected by the
overburden stress, but once the grout pressure is comparatively large, the overburden
stress increases.

Effect of Grout Pressure

On field, the grouting of the drilled hole is done by gravity and mostly no external
pressure is applied. As a result, pull-out capacity is likely to be altered, soil gets
remolded and the strength achieved due to compaction at the soil-grout interface
are thought to be highly reliant. The mechanical condition of the soil is modified
and the strains are eased with a quick decrease in tensions as a result of borehole
drilling for inserting soil nails. Because of the binding between soil and grout, if the
gravity grouting is done under pressure regulated at a certain value, the re-compaction
because of the grout entering into voids of the soil have a tendency to improve the
pull-out load significantly. Furthermore, in clays or silts soils, the interface is even,
and when water comes in contact, the interface performs as if it is lubricated, resulting
in a much reduced pull-out capacity. Several studies have explored the impacts of
grout pressure on the behavior of reinforced soil using field studies through sacrificial
nails, laboratory studies, or finite element modeling, singly or combined. Some of
the investigators include, Yin and Zhou [20], Hong et al. [6], Zhou [20], Hossain and
Yin [9], Hong et al. [6], Hong et al. [7]. The association between grout pressures
and shear resistance was observed to perform linearly between the grout pressures
applied at a range from 0 to 130 kPa, according to the findings of multiple soil nail
pull-out experiments. Hong et al. [6] performed in-situ pull-out study to examine the
connection between the apparent coefficient of friction, the grout, and overburden
pressure. It is noticed that as the grout pressure is increased, a linear trend is observed
in the coefficient of friction. As the overburden stress grows, the curve is translated
upwards, resulting in larger apparent coefficients of friction. Su et al. [15] found
that gravity and pressure grouted tested in the field with 2 and 3 m nails in length,
respectively. In Busan, South Korea, the nails were put in granitic soil. The study’s
main findings were that pressure grouting had a 36% higher pull-out capacity and
had rougher surfaces. The surrounding attached soil around the nails was compacted
as a result of the pressure applied while grouting.
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Conclusion

From the thorough review, following conclusions were made in the present study.

1. At higher grouting pressure like 250 kPa, the overburden pressure significantly
affects and at lower grout pressure, the overburden pressure is not found to be
significantly affecting pull-out resistance.

2. For drilled-grouted nails, overburden pressure does not much affects the change
in pull-out values of soil nail.

3. Increase in pull-out load is observed with rise in overburden pressure at saturated
and at natural moisture content.

4. The pull-out resistance is found to vary with the variation in the in-situ moisture
content of the soil because of the variation in bond strength at the interface.

5. Decrease in pull-out resistance for certain moisture content can be attributed to
the creation of gap during hydration of cement due to which interface properties
change.

6. Emphasis must be given on understanding the behavior of grout—soil interface
for different soils considering the effect of soil water characteristic curve which
is responsible for achieving the desired design bond strength.
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Chapter 21

Reduction of Surface Erosion of Soil St
Slopes Using Alkali Activated Binder

Treated Jute Fibers

Gunde Sachin Chakravarthy © and Anasua GuhaRay

Introduction

Soil erosion has been a major issue for society since the beginning of civilization.
Soil erosion is a constant loss of top layer or displacement of soil from one loca-
tion to another, resulting in soil collapse, ecological degradation, slope failure, and
other issues. Soil erosion is mostly caused by heavy rainfall, floods, and wind forces,
among other things. Erosion mostly affects soils without cohesion in nature. Soil
erosion can take several forms, including splash, sheet, rill, and gully erosion. This
type of erosion is more likely to happen on highly inclined slopes than on flat ground.
Mostly occurring type of soil erosion in India is due to loss of top soil because of
rainfall. Splash erosion is a complex process in which raindrop collisions on the
soil surface generate soil particle detachment, followed by short-distance movement
of the detached particles. At around 53.34 million hectares of soil is being eroded
annually due to rainwater as per Indian Council of Agricultural Research [1]. Under-
standing soil erosion processes is essential for developing and implementing soil
management approaches that reduce and control the risk of soil erosion.
Geotechnical experts, scientists, and research personalities are attempting to
understand the erosion of soil slopes in a variety of ways. Using of coir geotex-
tiles in the form of nettings for stabilization of hilly areas along with vegetation
showed positive result in controlling soil erosion [2]. In earlier studies, geosynthetics
made of synthetic materials like polyolefins and polyesters received the considerable
attention. Despite its potential, the utilization of naturally occurring fiber materials
for similar applications has received little attention till date [3]. A wide range of
temporarily degradable and long-term non-degradable materials have been fabri-
cated into rolls to help with reduction of soil erosion and vegetation growth [4].
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Geotextiles made of synthetic fibers pollute the soil and pollute the ecosystem, and
their manufacturing process pollutes the environment as well [5]. Rain splash detach-
ment is well controlled by natural geotextiles such as jute and coir. Process of runoff
after precipitation which leads to soil erosion can be reduced by applying jute geotex-
tile as cover [6]. Natural geotextiles, such as jute, have the ability to mitigate soil
erosion but they are biodegradable within the duration of 180-365 days [7]. Chem-
ical techniques such as alkali treatment, acetylation, and bleaching can improve the
durability of natural geotextiles [8]. The use of vegetation and geojute for erosion
control on slopes in a subtropical climate resulted in soil erosion reduction, particle
displacement, and mulching of the topsoil for enhanced vetiver growth. Vegetable
roots grow and take over the role of geojute as it degrades over time. When the side
slope was protected with vetiver and geojute, there was no difficulty of erosion [9].
Application of jute geotextile on the shoulder and slope surface leads to retaining
of soil particles and prevented its detachment from constructed slope. Soil stability
and erosion were improved as a result of the introduction of plants on slopes [10].
The hydraulic prerequisites of landslides were studied by Park and Song [11] by
applying artificial rainfall to a homogenous sandy laboratory slope model. Dey and
Sengupta conducted a series of centrifuge experiments and numerical calculations
on a 55° inclined unsaturated sandy slope with a less permeable, stronger silty-
sand layer included inside it [12]. The authors concluded that the factor of safety
decreased due to the low porous layer’s effect. The writers also computed the slope’s
factor of safety by modeling seepage into the slope caused by rainfall infiltration
[13]. During rainstorms, the effect of geocomposite layers on slope stability was
explored by Bhattacherjee and Viswanadham [14] on a model silty-sand slope. The
geocomposite reinforced slope was found to be stable under rainfall conditions, with
negligible deformation as the rainfall progressed.

A comprehensive study on the research works carried out on modeling of slope
erosion showed that a number of studies are available on prototype model scale slopes
without any geosynthetic reinforcement. However, limited studies are available to
measure the erosion rate of soil slopes protected with natural geotextiles. In the
present study, the durability of natural jute geotextiles was improved by using alkali
activated binder treatment method [15]. The jute was treated with varied water to
solid ratios of alkali activated binder (0.35, 0.40, 0.45). An aluminosilicate precursor
(fly ash/slag) reacts with an alkaline activator solution including sodium silicate and
sodium hydroxide to form AAB. An artificial rainfall arrangement was framed, as
splash type soil erosion with two different flow rates of 500 and 900 lit/hr. The soil
erosion due to the impact of raindrops was measured for both unreinforced slope and
slope reinforced with untreated and AAB treated jute geotextiles.
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Table 21.} Properties of Parameters Values
untreated jute
Aperture opening dimension (um?) 4.7 x 107
Thickness (jum) 0.64
Mass per unit area (gm/cm?) 0.0225
Elongation at break (%) 66.38
Tensile strength (kN/m?2) 10,440
Young’s Modulus (kN/m?) 2.28 x 107
Materials
Jute

In this study, natural jute geotextile bundles having a width of 0.91 m and a length
of 30 m were used. The woven type Corchorus olitorius Tossa jute material was
manufactured using newly available raw jute. Jute fibers were removed by retting
the stem and outer skin of the jute plant, and then the non-fibrous debris was peeled
away. After that, the fibers were spun into yarns. It was guaranteed that the jute fiber
had not been scoured or bleached. The jute was found to contain 58% cellulose, 22%
hemicellulose, and 14% lignin. The basic parameters of jute, including mass per unit
area, aperture opening dimension, and thickness, were determined using the Indian
Standard Code IS 15868 (Parts 1-6): 2008 and were tabulated in Table 21.1.

Alkali Activated Binder

The alkali activated binder solution was produced by mixing an alkali activator solu-
tion with an alum inosilicate precursor (Class F fly ash). Sodium silicate comprised
of (55.9% water, 29.4% silica, and 14.7% sodium oxide) and sodium hydroxide
(99% pure pellets) were combined to make an alkali activator solution. The mass
percentages of fly ash, sodium hydroxide, and sodium hydroxide in the AAB mix
were estimated as 74.07:1.96:2.97 [15].

AAB solutions were made using three distinct water to solid (w/s) ratios of 0.35,
0.40, and 0.45. The alkali activator solution is exothermic for the initial 24 h after
mixing the ingredients. Fly ash and water are added to the cooled alkali activator solu-
tion. Throughout the application process of AAB on jute sheets with paint brushes,
the required uniformity was maintained. To gain strength, painted jute sheets were
exposed to 40 °C for 24 h. After curing for seven days at 27 °C, AAB treated jute
sheets were ready for use. Table 21.2 summarized the quantities of fly ash, sodium
silicate, sodium hydroxide, and water required to coat 1 m? of jute geotextile.
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Table 21.2 Quantities of raw materials required for preparation 1 m? AAB jute

w/s ratios AAB Fly ash NaOH Na;Sio3 Water (kg/m?)
(kg/m?) (kg/m?) (kg/m?) (kg/m?)
0.35 345 2.20 0.060 0.71 0.50
0.40 3.10 1.90 0.050 0.61 0.54
0.45 2.75 1.70 0.045 0.53 0.56
Soil

In the present study, red soil, consisting of 2.36% gravel, 55.47% sand, and 42.17%
fines (silt and clay), was used. The soil was taken from a depth of 30 cm below
the ground surface to ensure that it was free of undesired things such as debris,
plant roots, and other waste material. According to the Unified Soil Classification
System (USCS), it was classed as silty sand (SM). The maximum dry unit weight
and optimum moisture content of the soil was reported to be 17.9 kN/m?* and 16%,
respectively. The soil has an angle of internal friction of 24.5° and a cohesion of
3.4 kN/m?.

Laboratory Scale Slope Model Setup

Artificial Rainfall Setup

The effects of rain on soil erosion were explored in this study. When a raindrop hits
the ground, soil particles get detached which leads to erosion. The following approach
was used to create an artificial rainstorm arrangement in the laboratory to allow for
this type of erosion. In the first phase, a large open container with dimensions of
2.7 x 2.7 m? and a height of 0.17 m was placed on a flat surface.

Non-recording type rain gauge is the most common type of rain gauge used by
the meteorological department. In the present approach, it consisted of a cylindrical
vessel 127 mm in diameter. At its top section, a funnel was provided with a circular
brass rim which was 127 mm exactly so that it can fit into the vessel well. According
to grid iron system methodology, a total of 12 pipes with a spacing of 7.5 cm were
arranged. Drippers were fitted to pipe with a 5 cm space between them. Based on
the discharge, the rainfall simulator arrangement was designed to have 2.97 mm
diameter holes with center to center spacing of 5 cm. This grid pipe network was
constructed prior to connecting the main water line, and it was subsequently attached
to the wooden rods system. To supply water, a container with a volume of 1 x 1 x
1 m? was filled with water, and a water pump motor with a capacity of 0.5 Hp was
utilized for water supply. The motor pump’s outlet was connected to the grid pipe’s
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Fig. 21.1 Schematic diagram of experimental setup for surface erosion

input via an L shape connector. After this setup, water flow through pump and drip
system was checked to avoid operational errors.

The water flow was controlled by a rotameter, and after multiple trials, two flow
settings were established: a low flow rate of 500 L per hour and a high flow rate
of 900 L per hour. The rainfall intensities obtained for low and high flow rates are
5.68 mm/min and 17.76 mm/min, respectively. Figure 21.1 showed the schematic
diagram of the experimental setup.

To preserve uniformity, all trials were carried out in the same position relative
to the rainfall simulators. The runoff was collected at 5-min intervals from the start
of the simulated rainstorm to the end of the hour, for a total of 12 time periods.
The amount of runoff was determined, and the samples were oven-dried for 48 h at
105 °C to determine the sediment production. The average of at least 10 cycles was
considered to calculate the average value of precipitation. Figure 21.2 showed the
images of eroded soil with water and the dried soil.

Laboratory Scale Slope Model

In this research laboratory, soil slope model was set up to calculate the soil erosion.
Based on following procedure, slope model setup was arranged. An acrylic container
of size 1.8 x 1.8 m? and height 30 cm was made. It was taken care that no leakage of
water through it while rainfall hits on soil slope and one opening of 0.15 x 0.15 m?
was made to collect the eroded soil and runoff water. The soil was compacted to
90-95% of maximum dry density value to achieve field compaction value. The soil
slope model was in right angle trapezoidal shape with long base of 90 cm and short
base of 45 cm and angle between long base to slope side is maintained at 45°. The soil
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Fig. 21.2 Eroded soil with
water and dried soil

was tampered in three layers to achieve the desired compaction. After compaction,
the soil surface was smoothened using a wooden trowel, which helped to reduce the
number of voids or cracked paths created in it. Figure 21.3 showed the soil slope
model.

Actotal of 5 sets of experiments were carried out on the slope without any reinforce-
ment, and reinforced slope with untreated and 0.35, 0.40, and 0.45 AAB treated jute
geotextiles. The jute geotextiles were spaced 5 cm apart, with each sheet measuring
0.25 m in width and 0.9 m in length. To avoid movement, all of the reinforcement
sheets were nailed to the soil. Figure 21.4 showed pictures of a slope model with
reinforcement.

—_—

Soil slope model

Fig. 21.3 Soil slope model setup with opening at one end
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Fig. 21.4 Soil slope
reinforced with jute and

Analysis of Erosion Rate

The soil erosion was computed in gm/m?/hr as per the following equation.

Soil . ‘ ( D) hr’l) Avergae weight of eroded soil
oil erosion rate (gm m =
& Area of rainfall x Duration of rain fall

21.1)

The percentage reduction in surface erosion of soil slope for various reinforce-
ments when exposed to rainfall was shown in Fig. 21.5. When a rain drop fell from
certain height, it hit the soil and detached the soil particles which lead to displacement
of soil particles along with runoff water. After separating the water from soil parti-
cles, they were dried to calculate the weight of eroded soil. Considering unreinforced
slope, around 965.9 gm of soil was eroded with effect of low rainfall, whereas the
same increased to 5482.3 gms for high rainfall. However, the amount of soil eroded
after reinforcement with untreated jute was 90.7 gm for low rainfall and 305.8 gm
for high rainfall effect. For 0.35 AAB treated jute reinforced soil slope, 65.9 gm and
191.1 gm of soil was eroded at low and high rainfall intensities, respectively. With
increase in w/s ratio, the amount of erosion increased to a small extent. For 0.40 AAB
treated jute reinforced soil slope, 73.3 and 212.2 gm of soil were eroded for low and
high rainfall intensities. In a similar line, for 0.45 AAB treated jute reinforced soil
slope, 84.6 gm and 245.1 gm of soil were eroded for low and high rainfall, respec-
tively. To compare the variation, the corresponding soil erosion for all of these forms
of reinforcement is computed based on a particular duration of rainfall, i.e., 5 min.

From these results, it could be observed that comparatively 0.35 AAB treated
jute geotextile reduced surface erosion to a maximum extent of around 93.1% for
low intensity rainfall and 96.5% for high intensity rainfall. From the figure, it was
noteworthy to mention that there is only 6.5% difference in reduction of surface
erosion between untreated and AAB treated jute geotextiles. This might be attributed
to the fact that 0.35 AAB treated jute has the highest consistency and the number
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Fig. 21.5 Percentage reduction in surface erosion when exposed to rainfall

of micropores developed in this treatment was less compared to others, which led to
maximum protection against erosion. However, it must be noted that untreated jute
geotextile had a high susceptibility to biodegradation, while the AAB treated jute
helped to increase the durability of the natural geotextiles [15]. After 90 days of soil
burial exposure, it was noticeable that jute geotextiles treated with 0.35 AAB had
the highest tensile strength, 63.04%, when compared to untreated jute geotextiles.
The results from the study can be utilized as an economic and eco-friendly solution
for reduction of surface erosion (Fig. 21.6).

Conclusions

Rainfall-induced slope failure is a major geotechnical disaster that has occurred in
many parts of the world. The present study aims to analyze the effectiveness of
treated natural fibers to reduce of surface erosion of soil slopes. This experimental
study presents a novel approach of reducing surface erosion of soil slopes due to
rainfall effect by employing alkali activated binder treatment to jute geotextiles. Two
flow rates are considered to simulate low and high intensity rainfall. According to
the findings of the study, 0.35 AAB treated jute geotextile reduced surface erosion
to a maximum degree of roughly 93.1% for low intensity rainfall and 96.5% for
high intensity rainfall. Although treatment of naturally available jute geotextile with
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Fig. 21.6 Tensile strength of various jute geotextiles after exposure to soil burial

AAB having different w/s ratio improved the rate of reduction of surface erosion by a
marginal extent, however, the AAB treated jute contributed to the natural geotextiles’
increased durability. The study’s findings can be used to reduce surface erosion in a
cost-effective and environmentally responsible manner.
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Parametric and Stability Analysis oo
of Landslide Near Somwarpet, Coorg

District, Karnataka

Anand. M. Hulagabali, V. Shilpa, N. C. Shobharani, G. S. Vasundhara,
and M. L. Prashanth

Introduction

A landslide is a sort of “mass wasting” that refers to any downward movement of soil
and rock caused by gravity. When forces pressing downslope surpass the strength of
the earth components that make up the slope, the slope moves. Those that enhance
the effects of shear stress, as well as factors that lead to low or reduced strength (shear
strength), change the condition of the material from stable to unstable, are among
the causes. Rainfall, snowmelt, changes in water level, stream erosion, changes in
groundwater, earthquakes, volcanic activity, disturbance by human activities, or any
combination of these variables can cause landslides in slopes already on the edge of
moving. The analytical approaches are based on the idea of limit equilibrium, which
is dictated by the safety factor (FOS). This is the ratio of active (tangential) forces
to passive-resistant forces, which is expressed as soil cohesion. For theoretical and
practical importance, a comprehensive study of stability analysis is required.

Literature Review

In the current state of practice, there are numerous slope stability analysis methods
available. However, the scope of this report is limited to a discussion on the limit
equilibrium methods.
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Preji and Longhinos [1] carried out a case study about the landslide susceptibility
in Sastha valley of Periyar river basin, Idukki district, Kerala. The author concludes
that analyzing and preparing a landslide zonation map is one of the important direc-
tions toward avoiding the impacts of landslides on human life and properties. By
analyzing the impact of rainfall, it was found that antecedent rainfall has more influ-
ence on pore water pressure compared with daily rainfall. Moreover, a relatively high
factor of safety results was obtained from the GIS-TISSA model. The zonation map
based on the field investigation and GIS method can be used to identify the locations
that are vulnerable to landslide. The stratigraphy of soil and its properties is the other
direction of the investigation. It can give a better idea of the failure mechanism and
nature of the slip surface of the landslides.

Ahmad et al. [2] explained that landslide may occur due to excavation or under-
cutting of its foot or due to gradual disintegration of the structure of the soil. The
author found the result by comparing slope stability factors and by using GOES-
LOPE software, the contribution of soil shear strength was considered. However, the
influence of the unsaturated soil on shear strength was lessened by the presence of
high groundwater tables. The software package slope/W, with its advanced numerical
modeling techniques, is emerging as a better way to undertake routine geotechnical
analysis.

Chen Huan [3] carried out work based on the geological environment and the
actual situation of reservoir wading landslide, which take the typical wading land-
slide and Outang landslide. The landslide stability is evaluated by calculating the
field of seepage flow and landslide stability by the two modules of SEEP/W,
SLOPE/W in GeoStudio two-dimensional numerical simulation analysis software. In
this paper, the stability of the calculation method using Morgenstern—Prince method,
introducing seep/w calculated in different conditions of landslides saturation line.
The calculated results into slope/w, in order to calculate the stability. Slope stability
analysis model based on previous seep/w model performs the quantitative calculation.

Methodology

The present study deals with the parametric study and stability analysis of the slope
using the limit equilibrium method using GeoStudio (SLOPE/W) software. The study
is carried out in two parts. The first part deals with the analysis of a general homo-
geneous slope by varying different soil parameters and the second part includes
the analysis of a case study with slope failure. Suitable remedial measures are also
recommended and demonstrated for the slope. The analysis gives a single value of
the factor of safety (FOS). In the case of an infinite slope, the factor of safety with
respect to strength is given by the equation.

For granular soils, ¢’ = 0 and factor of safety F'; becomes equal to (tan ¢') (tanf).
This indicates that in an infinite slope in the sand, the value of F; is independent of
height H, and the slope is stable as long as 8 < ¢'.
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el tan ¢’

Fs =
yH cos2f tanff  tanf

(1)

Parametric Study

A parametric study has been carried out to know the effect of the different soil
parameters on the landslide. For analysis of slope stability, the Morgenstern—Price
method has been adopted. There are three general classes of parameters that decide
the strength or instability of a slope based on soil mechanics concepts, such as soil
geometry, soil strength, and pore water pressure, which includes seepage forces.
Our methodology in this analysis is to keep some of the parameters stable when
investigating the effects of the remaining parameters on slope stability, such as slope
geometry, cohesion, friction, unit weight, and groundwater table variation. Thus
comprehends the influence of different parameters on slope stability.

For the parameter cohesion, cohesion is being increased, while other parameters
such as angle of friction (18°), unit weight (19 kN/m?), slope height (10 m), and
slope angle (50°) are kept constant. Similarly, the change in FOS is observed with
the change in other parameters as given in Table 22.1 and Fig. 22.1.

Table 22.1 FOS of different parameters

Cohesion Angle of friction

C in (kPa) FOS @ in (Degrees) FOS

5 0.682 18 0.696

25 1.810 24 0.845

50 3.529 28 0.943

75 5.062 32 1.048

100 7.711 36 1.161

125 9.608 40 1.284

150 11.549 42 1.351

200 15.031 46 1.495

Unit weight Slope angle Slope height

y in (kN/m?) FOS B in (Degrees) FOS H in (meter) FOS
15 0.773 40 0.813 5 1.412
16 0.751 50 0.696 10 0.696
17 0.730 60 0.575 15 0.559
18 0.713 70 0.48 20 0.496
19 0.696 80 0.38 25 0.460
20 0.682 30 0.447
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A series of experiments are carried out on a slope with simple homogenous
geometry. The variations of FOS values with different soil parameters are shown
in Fig. 22.1.

The parametric study shows that as the cohesion and angle of internal friction
increases, FOS increases. But for slope height and slope angle, as these factor
increases the FOS decreases. From Fig. 22.1c, it has been found that FOS decreases
with increases in unit weight of soil. This can be justified using the Eq. (1), it is
understood that, FOS is indirectly proportional to unit weight of soil.

Therefore, FOS %

Case Study at Kundalli, Somwarpet Taluk

Study Area

In this study, Kundalli is selected where the landslide occurred in 2018. Kundalli
area is an agricultural area situated in Somwarpet taluk, Coorg district, Karnataka.
The site is located at an altitude of latitude of N 12° 40" 21.3” and longitude of E
75° 45" 03.9”. The failure area comprised a toe width of 60 m with an elevation of
55 m. At an elevation of 128 m subsidence occurred. Due to landslide crops, road
and other materials which are locally connected are washed away. Fortunately, no
loss of life. The area consists of dry deciduous. The hill has a slope of 34° with a
height of 152 m from the mean sea level (MSL). Laterite has orange to red color and
clay of white color. Soils exhibited medium to fine-grained texture (Fig. 22.2).

Fig. 22.2 Kundalli, Somwarpet taluk, Coorg district, Karnataka
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Experimental Investigations

Geotechnical investigations are carried out to determine the nature and strength char-
acteristics of the material comprising the slope. Disturbed and undisturbed samples
of soil are collected from the three different locations identified in the study area.
Disturbed samples are used for determining the index properties and grain size anal-
ysis. Undisturbed samples are collected from the open pits using an appropriate type
of sampling cores. Good quality undisturbed samples are a basic requirement for the
reliable evaluation of shear strength parameters.

The main objective of the experimental study is to determine the density and
shear strength parameters of the soil samples. The soil samples are subjected to
various tests in the laboratory to determine the soil properties. A direct shear test is
carried out for undisturbed samples. For disturbed soil sample, grain size analysis
(targeted at unraveling the particle size distribution, coefficient of uniformity (Cu),
the coefficient of curvature (Cc)), and specific gravity test is carried out.

Samples have been taken in three different locations left, center, and right of the
site. The slope height, height of inclination, and slope angle for left, center, and right
locations have been shown in Fig. 22.3.

The test results for the sample at field and laboratory conditions are reported in
Tables 22.2, 22.3, and 22.4.

Fig. 22.3 Details of slope SLOPE GEOMETRY
geometry for three different 152 40,311
locations 40 36.11
gis 32.97
352 31.064 S5

g 25.807

= mLEFT

= CENTRE

=

W RIGHT
SLOPE HEIGHT OF SLOPE
HEIGHT(m) INCLINATION(m) ANGLE(DEGREE)

Table 22.2 Direct shear test S No. Position Cohesion (C) Angle of friction (&)

for an undisturbed sample (kPa) (degrees)
1 Left 0 27
Centre 0 25

Right 0 27
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Table 22.3 Grain size analysis for disturbed samples
S No. | Position | Silt + Clay | Sand | Gravel | Coefficient of | Coefficient of | Type of soil
(%) (%) | (%) uniformity curvature
Left 4.8 742 210 10.63 1.15 SwW
2 Centre |24 79.8 |17.8 9.20 29 SW
Right 34 63.8 |32.8 11.25 1.76 SW
Table 22.4 Soil Properties
S No. |Position | Bulk unit weight | Water content | Dry unit weight | Specific gravity of
(kN/m3) (%) (kN/m3) soil
Left 154 36.21 11.30 2.46
2 Centre 16.0 30.79 12.20 2.52
Right 14.1 14.22 12.34 248

Numerical Analysis of Kundalli Landslide

Slope stability analysis is carried out using the SLOPE/W tool. The data required to
facilitate this area’s study is collected from the results as mentioned in Sect. Exper-
imental Investigations, which is then computed in the SLOPE/W to determine the
factor of safety based on the Morgenstern—Price approach of limit equilibrium. The
geometric models of the three locations where the samples are collected are analyzed
using GeoStudio software, by taking the actual measurements of the location at the
site. The three geoslopes of the site have base width 50 m, 59 m, and 45 m at left,
center, and right, respectively. The selected location has height of 25 m at the left,
28 m at the center, and 23 m at the right. The depth of the slope is considered as
8 m for all the models. The area has homogeneous soil and the bund width of 14 m
and 10 m is considered for all the models. For a considerable height of the slope,
no ground water table has been observed. The models have been analyzed for base
failure (Fig. 22.4).

The typical model of the study site has been analyzed in GeoStudio software to
obtain respective FOS and it is shown in the below Fig. 22.5. The left section is
showing a FOS of 1.109, whereas the center section showing FOS of 1.105 and a
right section showing FOS of 1.068. The FOS obtained is less than 1.5 hence the
slope is not stable. Hence, it is observed that the landslide occurred at the site 4 years
back due to this reason.

Conclusion

Kundalli is an important location for landslide investigation, and the landslide suscep-
tibility of this area is analyzed in this study. These slopes are studied for stability
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using SLOPE/W analysis. The slopes undergo a circular failure mechanism with
high shear strain rates at the failure zones. The three selected locations are found to
be critical having the factor of safety less than 1.5 after the stability analysis. Since
the slope angle is greater than the angle of internal friction, there is less stability in
the slope. It is also observed that the absence of cohesion in the soil (C = 0) leads to
less adhesive property in between the particles. The occurrence of the landslide at the
study site can also be due to the heavy rainfall in that area. From the present slope
stability analysis, it is observed that the slope is unstable. With the consideration
of the importance of landslide prevention, it is suggested that the installation of the
drainage system, soil nails, retaining walls, and vegetation and flexible barriers can
be used at the landslide site.
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Chapter 23 )
Dynamic Stability and Landslide e
Simulations in Hilly Regions of Kerala

Geethu Maria Joseph and K. Ranga Swamy

Introduction

The recently occurred landslides in the hillside regions of Kerala cause severe
damages to civil infrastructures and the death of human beings. The intensity of land-
slides kept rising when humankind activities of unscientific quarrying, road expan-
sion, and big infrastructure projects are carried out in these regions. The change in the
rhythm of the monsoon is also an added factor. High intense rainfall leads to the most
disastrous fluidized landslides, which usually occur very unexpectedly. Landslides
become severe with dynamic activities of continuous vibrations due to constant heavy
traffic movements, mining activities, and industrial machine operations in addition to
excess rainfall intensity. Kerala is known for its low seismic history. But, the effects of
excavation of building stones through blasting with explosives are high on landslide
movement in the hilly regions. Since the natural formations and boulders in these
locations are prone to rockfall and landslides, it is essential to study the dynamic
stability of the slopes. The present paper aims to model landslide movement trig-
gered by rainfall intensity and minor seismic amplitude at a few existing soil slopes
of Kerala using integrated landslide simulation model LS Rapid software. Since the
average pore pressure ratio represents the rainfall intensity, the pore pressure ratios
are varied from 0.1 to 0.9 to study the effect of rainfall intensity on landside stability.
Further, the slopes are subjected to low seismic amplitude to represent the influence
of minor dynamic loading conditions. It also examined the effect of soil properties
on landslide stability.
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Characterization of Soil Slopes

Integrated Landslide Simulation Model—LS Rapid

LS Rapid is computer simulation model software that integrates the initiation process
to the rapid landslide motion triggered by rainfall and earthquake. It may be due to
strength reduction and the entrainment of deposits in the run-out path [1]. The avail-
able stability analysis methods based on LEM used to analyze the soil slopes assume
that the sliding mass fails only once. But, in actual landslides, the regions subjected
to high pore pressures fail first, followed by expansion of the failure area around the
initial failure zone. Eventually, the whole landslide mass will start to move. LS Rapid
software simulations can reproduce such progressive failure phenomenon. The basic
concept of the LS Rapid model is rooted in establishing an imaginary vertical column
within the moving landslide mass. The forces acting on the soil column shown in
Fig. 23.1 are including self-weight of the soil column (W), horizontal seismic forces
in X and Y directions (F, and F,), vertical seismic force (F,), and lateral earth pres-
sure acting on the walls (P), shear resistance acting on the bottom of the column (R),
normal stress acting at the bottom (N) and pore pressure acting on the bottom (U).
The component of self-weight parallel to the slope, shear resistance, and sum of the
balance of lateral earth pressures in X and Y directions can cause the landslide mass
to slide downward.

The landslide mass (m) is accelerated by acceleration (a) generated by the total
forces acting on the vertical soil column. It is denoted as:

AP, AP,
am= (W + F,+ F, + Fy) + a—Ax+ 8’Ay +R (23.1)
x y

where R includes the effect of normal stress and pore pressure acting on the bottom
of the soil column. All the stresses and displacements are calculated by projecting
into a horizontal plane.

Fig. 23.1 Soil column ) o
element within a moving Soil col}lmn inside a
landslide mass landslide mass \

N
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Table 23.1 Location and geometrical details of the soil slopes
Location Slope angle | Slope height (m) | Latitude Longitude
)
Aadit, Idukki 41.96 950 N10°1'15” E77°2'48.8"
Kallar, Idukki 44.23 1140 N10°02'25.3” | E77°00'19.9”
Mavadi, Idukki 44.6 1058 N9°52/09.1” | E77°07'46.5"
Kakkattuppara, Wayanad |45 490 N11°25'42.3" |E76°20'45.7"
Kavalappara, Wayanad 35 275 N11°24'43.2” |E76°14'13.92”
Mananthavadi, Wayanad | 52 924 N11°50'36” E75°58'51”
Puvaramthodu, Wayanad | 41 1281 N11°22'47.5” |E76°18'44.5"

Geometrical Features of the Slopes

For the present study, three slopes from the Idukki district and four from the Wayanad
district of Kerala have opted. All the slopes selected are located near to previously
occurred landslides. The slope angles of the chosen locations are found to be greater
than 30°. Table 23.1 gives the site of the place and geometrical features of the slopes.

Creation of Topography

ArcGIS software and LS Rapid software of version 2.1 have been used to create the
topographies of the soil slopes. The digital elevation model (DEM) of the regions
was created using ArcGIS software. The DEM file is incorporated into LS Rapid
software to get the topographies. The present study assumed that the failure begins in
the steeper portion of a slope, and the failure surface was created using an ellipsoidal
sliding surface setting in the steepest part of the hill slope.

Soil Properties

The soil properties required for the simulation are including steady-state shear
strength (7 ), lateral earth pressure ratio (k), peak friction angle (¢,), peak cohesion
(c), friction angle during motion (¢,,), shear displacement at the start of strength
reduction, shear displacement at the beginning of steady-state, pore pressure gener-
ation rate, and unit weight of the soil (y). In this study, the residual shear strength of
the soil determined from the undrained triaxial shear test is considered to be steady-
state shear strength. The properties of soils collected from the soil slopes of different
locations are given in Table 23.2.
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Table 23.2 Soil properties of slopes located at different sites (Geotechnical lab, NIT Calicut)

Location of soil Unit weight Shear strength Lateral earth Shear strength of
sample (kKN/m3) parameters pressure the soil (kPa)
¢ (kPa) 6(°) coefficient (k)
Aadit
Top 17 4 35 0.426 74
Middle 17.2 4 322 0.467 66.5
Bottom 18.2 5 35.2 0.423 75
Kallar
Top 13 5 24.8 0.58 51
Middle 13.4 5 27.1 0.54 56.1
Bottom 17 5 28 0.53 58.2
Mavadi
Top 12.8 1 14.3 0.753 26.5
Middle 15.8 5 15.3 0.736 323
Bottom 14.6 5 25.8 0.56 53.3
Kakkattuppara
Top 15.9 20 18.3 0.68 35
Middle 13.8 25 19.3 0.66 60
Bottom 15.9 15 17.8 0.7 47.3
Kavalappara
Top 14.4 0 30 0.33 25
Middle 14.5 0 30 0.33 25
Bottom 14.3 0 30 0.33 25
Mananthavadi
Top 13.5 12 34.7 0.43 81.24
Middle 13.7 12 33 0.45 76
Bottom 15.8 25 34.6 0.43 83
Puvaramthodu
Top 13.5 10 32 0.47 72
Middle 14 10 33 0.45 74.9
Bottom 18 12 31 0.48 72

Numerical Simulation of Rainfall Induced Landslides

Average pore pressure ratios (PPRs) build in the soil slopes during rainfall are used to
vary to study the effect of rainfall intensity on landslide stability. An increase in rain-
fall increases the saturation level of the soil that leads to building the pore pressures.
In turn, it increases the average pore water pressure of the soil. At higher rainfall
intensity, the soil slope becomes fully saturated with a PPR of 1, and it becomes
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unsaturated with PPR of 0.7, 0.5, and 0.1 at moderate to low rainfall intensities.
The present study used to vary the pore pressure ratios from 0.1 to 0.9 to analyze
the failure of the soil slopes under various rainfall intensities. Table 23.3 presents
the detailing on the unstability of soil slopes at different locations, including the
maximum vertical depth and the volume distribution of sliding mass and the rainfall
intensity, i.e., PPR at which the landslide is initiated. From the simulation test results,
the slopes located at Mavadi (Idukki) and Kakkattuppara (Wayanad) regions fail at
a low pore pressure ratio of 0.1 with very low rainfall intensity. It also found that the
soil slope located at Kakkattuppara has an enormous volume of landslide mass and
can be considered critical.

It observed that the soil slopes located at Puvaramthondu, Kallar, and Manan-
thavadi areas are initiated to fails at low rainfall intensity with a PPR of 0.3-0.5
onward. However, the slopes at Kavalppara and Aadit are initiated to fail at high
rainfall intensities with a PPR of 0.7 onward. The typical results on the simulation of
progressive failure of soli slope located at Kakkattuppara subjected to a pore pres-
sure ratio of 0.7 are shown in Fig. 23.2. Similar kinds of progressive failures are also
produced in other cases of soil slopes. Figure 23.3 shows the sliding mass surface
details in longitudinal section of soil slope located at Kakkattuppara subjected to a
pore pressure ratio of 0.7. It finds that the green color boundary shows the original
slope surface before failure; dense red color indicates the sliding surface, and the pink
color boundary shows the surface of landslide mass after sliding failure. It shows the
stable and unstable parts of the slope and the deposition region of the landslide mass.

Table 23.3 Failure details of the soil slopes tested in the present study

Location Maximum vertical Volume of landslide Pore pressure ratio to
depth of the landslide body (m?) initiate slope failure
body (m)

Aadit, Idukki 19.1 123.1 x 10° 0.7

Kallar, Idukki 37.51 448.6 x 103 0.4

Mavadi, Idukki 53.78 513.3 x 10° 0.1

Kakatttupara, 68.05 1178 x 103 0.1

Wayanad

Kavalappara, 2491 341.3 x 10° 0.7

Wayanad

Mananthavadi, 34.1 327.5 x 10° 0.5

Wayanad

Puvaramthondu, 48.65 949.3 x 103 0.3

Wayanad
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Fig. 23.2 Progressive failure of soil slope located at Kakkattuppara subjected to high rainfall
intensity with PPR of 0.7: Land slide at a initiation; b distribution; and ¢ deposition stages
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Fig. 23.3 Sliding surface in longitudinal section of soil slope situated at Kakkattuppara region
subjected rainfall intensity with PPR of 0.7

Numerical Simulation of Seismically Induced Landslides

The slopes were subjected to low seismic amplitude of 0.009 g to study the influence
of minor dynamic loading on the failure of soil slopes. The details of the seismic
time history used to perform the simulations are given in Table 23.4. Numerical
simulations were performed on the dynamic stability of landslides at no rainfall
intensity, i.e., PPR = 0 and moderate rainfall intensity with PPR of 0.5 conditions.
Table 23.5 summarizes the influence of seismic load alone and combined seismic load
with moderate rainfall intensity on the susceptibility of soil slopes failure. From the
simulation results, it has been found that the soil slopes located at Aadit (Idukki) and
Puvaramthodu (Wayanad) were safe under seismic load alone at no rainfall intensity.
However, it caused local deformation in soil slopes located at Kallar (Idukki), Mavadi
(Idukki), and Kavalappara (Wayanad) regions. It is also seen that the soil slopes
located at Kakkattuppara and Mananthavadi (Wayanad) areas are failed under seismic
load alone at no rainfall intensity. All the soil slopes situated at different places are
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Tgble. 23,' 4 D.etails of the Location Phek-Nagaland
seismic time history used for
the simulations Latitude 257N
Longitude 94.6 E
Origin time 01-07-2012 04:13
PGA 0.009 g
Record duration 65.000 s

Table 23.5 Failure conditions of soil slopes subjected to seismic load and rainfall intensity

Location Seismic load alone | Seismic load with moderate rainfall intensity
(PPR =0) (PPR =0.5)
Aadit, Idukki No failure Failed
Kallar, Idukki Local deformation | Failed
Mavadi, Idukki Local deformation | Failed
Kakatttupara, Wayanad Failed Failed
Kavalappara, Wayanad Local deformation | Failed
Mananthavadi, Wayanad | Failed Failed
Puvaramthondu, Wayanad | No failure Failed

failed under the influence of combined action of seismic load with moderate rainfall
intensity, i.e., PPR of 0.5.

Parametric Study

The present study is extended to study the effect of rainfall intensity, dynamic loading
amplitude, and soil properties on landslide stability of soil slopes located at different
places. The simulation results provide the maximum velocities of soil flow and
volume of sliding soil mass in the lateral and vertical directions of soil slopes.

Effect of Rainfall Intensity, i.e., Average Pore Pressure Ratio

Initially, the study focuses on the effect of rainfall intensity on the maximum velocity
of soil slope deformation at the failure stage. Table 23.6 summarizes the variation of
maximum flow velocities of the soil slopes in a lateral direction with different pore
pressure ratios representing the rainfall intensity. Results indicate that the maximum
flow velocities of soil slope deformations increase with increased rainfall intensities
with pore pressure ratios in the range of 0.1-0.9. Similar results are also produced in
the vertical direction but less significant when compared in the lateral movement. It
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suggests that the effect of rainfall intensity is more significant on soil flow velocities
at failure state. The increase of soil flow velocity with rainfall intensity is due to a
reduction in the effective strength of soil with built-up of pore pressure. The present
study also focuses on the effect of rainfall intensity on the variation of volumetric
landslide soil mass distribution at the failure stage. The slopes become unstable with
large volumetric soil displacements as the rainfall intensity increases, i.e., pore pres-
sure ratios. Results indicate that the soil slopes at Mavadi (Idukki) and Kakkattuppara
(Wayanad) are inconsistent, and others are stable at low rainfall intensity with a PPR
of 0.1. It may be due to the high slope angle and low shear strength for Mavadi
and Kakkattuppara soil slopes. The volumetric landslide soil mass distribution is
increased with an increase in rainfall intensities. Table 23.7 shows the variation of
volumetric landslide soil deformations of the soil slopes with different pore pressure
ratios representing the rainfall intensity.

Table 23.6 Summary on variation of maximum flow velocities of the soil slopes in lateral direction
with rainfall intensity, i.e., different pore pressure ratios

Location of soil slope Maximum velocities of soil mass movement in lateral
direction (#max ), m/s, with rainfall intensity, i.e., PPR of
0.1 0.5 0.7 0.9
Aadit, Idukki 0 0 18.5 19.8
Kallar, Idukki 0 20 20.5 31.7
Mavadi, Idukki 14 14.7 26.8 28.9
Kakattupara, Wayanad 10 15.3 17.4 52.5
Kavalappara, Wayanad 0 0 52.2 73
Mananthavadi, Wayanad 0 21 26.6 30.9
Puvaramthondu, Wayanad 0 25.2 26.2 38.3

Table 23.7 Summary on
variation of volumetric
landslide soil deformations of
the soil slopes with rainfall
intensity, i.e., different pore

Location of soil slope Volumetric landslide soil
deformations of the soil slopes,
x 103 m3, with rainfall
intensity, i.e., PPR of

pressure ratios 0.5 0.7 0.9
Aadit, Idukki 129 135 136
Kallar, Idukki 484 489 493
Mavadi, Idukki 565 565 565
Kakattupara, Wayanad 1179 1209 1246
Kavalappara, Wayanad 0 366 376
Mananthavadi, Wayanad 125 141 142
Puvaramthondu, Wayanad 945 945 945
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Table 23.8 Effect of seismic loading on volumetric flow of soil mass of landslides
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Location of soil Volumetric flow of soil mass, x 103 m3

slope Seismic load alone with | Rainfall intensity Seismic load +
no rainfall (PPR = 0) alone (PPR = 0.5) moderate rainfall

intensity (PPR = 0.5)

Aadit, Idukki Stable Stable 135.5

Kallar, Idukki Local deformation 484.6 486.0

Mavadi, Idukki 545.2 564.6 570.7

Kakatttupara, 1237.5 1179.4 1295.6

Wayanad

Kavalappara, Local deformation Stable 375.5

Wayanad

Mananthavadi, 256.2 124.6 270.4

Wayanad

Puvaramthondu, Stable 945.2 980.9

‘Wayanad

Effect of Dynamic Loading

The effect of seismic loading with low amplitude is studied on the stability of land-
slides in dry conditions and partially saturated with moderate rainfall intensity, i.e.,
PPR of 0.5. Table 23.8 summarizes the effect of seismic loading combined with
moderate rainfall intensity on landslide volumetric flow of soil mass. It is found that
the seismic load, along with moderate rainfall intensity, causes a significant effect
on landslide occurrence with high maximum flow velocities of soil movements and
also the volume of sliding of soil mass.

Effect of Cohesion

The cohesion strength of soil located at the Kakkattupara soil slope has been varied
to study the effect of cohesion on landslide mass. The cohesive strength of the soil
slope was varied as 30, 40, and 50 kPa to study the effect of cohesive strength on
landslide. The triggering factor considered was seismic load with moderate rainfall
intensity. The maximum soil flow velocities in lateral and vertical directions and the
percentage variation in volumetric soil flow of landslide under different cohesion
values are shown in Fig. 23.4. It can be noted that when the cohesion of the soil
increased from 30 to 50 kPa, the maximum velocities of sliding mass in the horizontal
direction decreased from 15.5 to 6.8 m/s. Similarly, the flow velocities in the vertical
direction decreased from 10.2 to 4.8 m/s. Also, the percentage variation in the volume
of sliding soil mass decreased from 5.6 to 2.1%. Hence, it is proved that soil cohesion
strength greatly helps mitigate the occurrence of landslides.
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Fig. 23.4 Variation of a maximum velocity of soil flow, and b volume of sliding soil mass with
cohesion strength of soil on Kakkattupara soil slope under seismic load with moderate rainfall

intensity

Table 23.9 Effect steady-state shear strength on volume of sliding soil mass during landslide

Location of soil slope

Slope (°)

Steady-state shear strength
(kPa)

% Variation in volume of
sliding soil mass (%)

Mavadi, Idukki 44.6 37.3 154
Kakkattuppara, Wayanad | 45 474 10
Kallar, Idukki 44.2 55.1 6.6

Effect of Steady-State Shear Strength of Soil

The present study uses the steady-state shear strengths of three soil slopes located at
Mavadi, Kakkattuppara, and Kallar sites to study the influence of steady-state shear
strength on the volume of sliding soil mass. These soil slopes are having a similar
slope angle of about 44—45°. The effect of steady shear strength is examined on the
volume of sliding soil mass of landslides that occurred due to 90% rainfall intensity.
Table 23.9 shows that the sliding area covered by a landslide decreases with an
increase of steady-state shear strength of the soil. As the steady-state shear strength
of the soil increases from 37.3 to 55.1 kPa, the percentage variation in the volume of
sliding soil mass decreases from 15.4 to 6.6%. Thus, the steady-state shear strength
of soil mass affects the area covered by the landslide mass.

Conclusions

The present study has performed numerical simulations of landslides that occurred
in seven soil slopes of Idukki and Wayanad districts in Kerala state. The major
conclusions drawn from the current study are given below.

e Soil slopes located at Mavadi and Kakattupara are initiated to fails at even very
low rainfall intensity with a PPR of 0.1 onward. It also found that the soil slopes
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located at Puvaramthondu, Kallar, and Mananthavadi are initiated to fails at low
rainfall intensity with a PPR of 0.3—-0.5 onward. However, the slopes at Kavalppara
and Adit are initiated to fail at high rainfall intensities with a PPR of 0.7 onward.
It indicates that soil slopes located at Mavadi and Kakattupara causing severe
landslide mass distribution compared with other soil slopes.

e All the soil slopes tested except two hill slopes located at Aadit and Puvaramthodu
areas are failed under dynamic loading alone with no rainfall condition. Soil
slopes that are stable under moderate rainfall intensity failed when they were
subjected to a combination of dynamic loading with moderate rainfall inten-
sity. Thus, dynamic loading can increase the instability of landslides occurred
at average rainfall intensities.

® An increase in cohesion strength of the soil causes a decrease in the maximum
velocities of soil flow and volume of soil mass distribution. Improving the steady-
state shear strength of the soil can reduce the occurrence of landslides.
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Chapter 24 )
Historical Development of Landslide oo

Early Warning System (LEWS):
A Review

Prashant Sudani®, K. A. Patil, and Y. A. Kolekar

Introduction

Landslide is one of the most significant hazards in terms of socio-economic costs,
threatening infrastructures, and human settlement. A landslide is a geological event
consisting of mass movement of the earth under gravity triggered by natural or man-
made factors. Petley reported more than 4600 fatalities due to non-seismic landslides
in a year [1]. India, China, Italy, Japan, and United States have economical losses
of more than 1 billion $ each due to landslide hazards [2, 3]. Landslides are found
as frequently accruing natural hazards in the monsoon in the history of India and
the rest of the world. A total of twenty-two states and two union territories of the
country are affected by the landslide. The landslide is affected by the 0.49 million
square kilometers of country area, approximately 15% of the total country area [4].
The landslide hazard map of India indicating landslide affected state is as shown in
Fig. 24.1. It is ranked third in terms of the number of death due to natural disasters.
It found that only Himalayan landslides kill 1 person per 100 km? area every year;
estimated average losses due to landslides in Himalaya costs more than 550 crores
and more than 200 deaths [4].

Historical trends reveal the growing impact of the landslide hazard on society as it
can destroy both precious human lives, live stakes, and infrastructure of the country
by both direct and indirect means. Few of them which were found more disastrous
impacted in the history of Indian landslides are as given in Table 24.1.
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Table 24.1 Disastrous incidences in the history of Indian landslides
Sr. No. Landslide name Live losses State affected Year References
1 Nainital 150 Uttarakhand 1880 [5]
2 Chamoli 55 Uttarakhand 1970 [6]
3 Luggarbhati 65 Himachal 1995 [7]
4 Malpa 380 Uttarakhand 1998 [7]
5 Dharla 62 Himachal 2007 [71
6 Chamoli 70 Uttarakhand 2010 [6]
7 Malin 162 Maharashtra 2014 [8]

Further, as Schuster and Fleming noted in 1971-74, on average, 600 lives were
lost due to landslide hazards [3]. Globally, in terms of the fatal landslide, South Asia,
East Asia, and Southeast Asia face 44, 30, and 26% fatal landslides.

To minimize the impact of the landslide on livelihood, we need to equip effi-
cient solutions. We can prevent the hazard by restricting the development on the
hilly region or stabilizing the hill slope with different engineering solutions, but this
would not be possible on existing infrastructure; sometimes, even after providing a
proper engineering solution, it may be failed. In such a place, monitoring of landslide
followed by instrumenting landslide early warning system holds the excellent output.
An early warning system (EWS) can help the affected people leave before it begins
to slide.

Definition of the early warning system founds differs from researcher to researcher
and available in the literature. One can define it as the “designed device that can
monitor to completely prevent or at least diminish the hazard on livelihood, costly
properties of the country, and the environment” [9]. EWS, as define by United Nations
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International Strategy for Disaster Reduction-2019 (UNISDR), is “the set of aspects
needed to produce and issue timely and significant risk threatening information to
public, societies, and government organizations who were vulnerable by a hazard so
that they can be prepared and to act appropriately with the strategic plan and in a
sufficient time to reduce the possibility of injury or damage.” After all, whatsoever
the definition of the EWS, it is a monitoring and forecasting tool that functioned as
a risk retarder by issuing a timely warning of the hazard. In the current work, we
exposed a bunch of historically developed landslide early warning systems (LEWS).

Historical Advancement of Landslide Early Warning System

From the end of the twentieth century to date, many researchers were made an effort
to establish an EWS for the landslide. Different methods, statistical, and physical,
and model-based approaches were used to reach a conclusion and give the threshold-
based or FOS-based warning. Also, from the history of developing LSEWS, we
can see the instrumentation variation used with time for field and off fieldwork.
An extensive effort was made in literature survey to prepare a detailed historical
development in a landslide early warning system, and here, it is displayed with
taking some of the well-known author’s work into consideration so it can be helpful
to researcher in the future for getting an idea about what was being used till date and
what should still need to improve. Total 50 numbers of the work were well explored,
and insight into monitoring and warning of the landslide were extracted from the
landslide’s historical developing monitoring and warning system as shown in Table
24.2.

Table 24.2 shows a wide range of the methodology and instrumentation used in the
historical development of the monitoring and warning of the landslide early warning
system. A majorly two types of warning threshold are used in the warning system:
rainfall-based threshold and displacement-based warning threshold. As shown in
Fig. 24.2a, it is found that 56% of the considered warning system was used rainfall
as a threshold, while the rest, 44% of the warning system adopts the displacement
threshold. As shown in Fig. 24.2b, based on the geometrical presence of the consid-
ered warning systems, it is found 14% in the USA, 6% in Canada, 10% in China,
30% in Italy, 4% in California, 12% in India, and 24% in other countries.

Various warning systems present in Table 24.2 were found unique in their method-
ology and instrumentation and various analysis software. It also shows the variety
of instrumentation used in the warning system, and it is found interesting that we
can look at a wide range of the different instruments that can monitor the land-
slide from various angles. As shown in Fig. 24.3a, it is found that 24% of warning
systems were used remote sensing techniques to assess the landslide remotely, 10%
were used pore pressure devices, 22% used displacement monitoring devices, 6%
used the various geotechnical testing methodology, 6% used various geophysical
methods, 20% used the rainfall data from various sources, and 12% found which
were used a combination of these all instrumentation in the warning system. From
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Table 24.2 Historical advancement of landslide early warning system

P. Sudani et al.

Sr. Country/year Method of Instrument used Triggering | References
No. monitoring event
1 1971/USA Displacement Rainfall [10]
2 1977/Canada Model study Piezometer Rainfall [11]
3 1980/Nevada Displacement | Inclinometer Rainfall [12]
4 1985/Utah Graphical plots | Extensometer Rainfall [13]
5 1987/Colorado Displacement | Aquatic emission | Rainfall [14]
6 1987/California Empirical Rain gauge Rainfall [15]
7 1990/California Pore pressure | Piezometer Rainfall [16]
8 1990/Budapest Moisture effect | Triaxial Rainfall [17]
9 1990/Netherland Non-invasive Geophysical Rainfall [18]
10 1993/1taly Displacement | Extensometer Rainfall [19]
11 1994/China Creep Soil strainmeter Rainfall [20]
monitoring
12 1995/Canada Hazard Radar technology | Rainfall [21]
assessment
13 1997/Hongkong Probability Rain gauge Rainfall [22]
14 1998/USA Displacement | Remote sensing Rainfall [23]
15 1999/Netherland Surface Hyperspectral Rainfall [24]
monitoring imagery
16 2001/Malasia Modeling Rain gauge + Rainfall [25]
Geotech
17 2001/Malasia Displacement | Soil strainmeter Rainfall [26]
18 2002/France Displacement | GPS sensor Rainfall [27]
19 2002/Germany Displacement | GPS sensor Rainfall [28]
20 2002/1taly Displacement | Inclinometer Rainfall [29]
21 2003/1taly Displacement | Radar technology | Rainfall [30]
22 2004/Italy Rain data Rain gauge Rainfall [31]
analysis
23 2005/1taly Field Piezometer, GPS, | Rainfall [32]
monitoring inclinometer,
extensometer
24 2006/1taly Displacement | Radar technology | Rainfall [33]
25 2007/USA Rain analysis | Rain gauge Rain/EQ [34]
26 2008/Newzeland Modeling Laboratory testing | Rainfall [35]
27 2008/USA Rain analysis | Satellite survey Rainfall [36]
28 2008/Italy Displacement | Radar data and Rainfall [37]
GPS
29 2009/China Data analysis Field and Rainfall [38]

laboratory testing

(continued)
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Table 24.2 (continued)

Sr. Country/year Method of Instrument used Triggering | References

No. monitoring event

30 2010/India Vibration Geophone, pore pr. | Rainfall [39]
transducer

31 2010/1taly Displacement | Radar technology | Rainfall [40]

32 2011/1taly Modeling Rain gauge Rainfall [41]

33 2012/Ttaly Displacement | Extensometer, rain | Rainfall [42]
gauge

34 2012/China Displacement | GIS and GPS Rainfall [43]
sensor

35 2013/Germany Modeling Field test, electrical | Rainfall [44]
resistivity

36 2013/India Modeling Rain gauge and Rainfall [45]
total station

37 2013/China Modeling Rain gauge Rainfall [46]

38 2013/Italy Empirical Rain gauge Rainfall [47]

39 2014/India Modeling Pore pr sensor, Rainfall [48]
inclinometer,
moisture sensors,
laboratory testing

40 2014/1taly Modeling Laboratory testing, | Rainfall [49]
rain data

41 2014/Italy Geophysical Electrical Rainfall [50]
resistivity

42 2015/Japan Empirical Tiltmeter, moisture | Rainfall [51]

43 2015/1taly Artificial neural | Rain and soil data | Rainfall [52]

44 2016/Canada Displacement | GPS sensor, Rainfall [53]
piezometer,
extensometer

45 2016/UK Displacement | GPS sensor, Rainfall [54]
piezometer,
extensometer

46 2017/Vietnam Modeling Field and Rainfall [55]
laboratory testing

47 2017/Ttaly Displacement | Satellite radar Rainfall [56]

48 2017/India Modeling Piezometer, Rainfall [4]
laboratory testing

49 2019/India Displacement | Inclinometer, Rainfall [57]
piezometer

50 Switzerland/2020 | Modeling Moisture sensors Rainfall [58]
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Fig. 24.3 Distribution of warning system based on Instrumentation (a) and methodology used (b)

the insight of the various warning system, it is found three methodological approaches
on which warning system used to design, (i) Statistical-based warning, which used
various empirical methods to correlate the threshold with monitoring parameter, (ii)
Model based which used modeling which can provide stability-based warning, and
(iii) Experimental based which used the field and experimental laboratory setups for
monitoring and warning. As shown in Fig. 24.3b, it is found that 40% of consid-
ered warnings are based on statistical based, 26% were model based, and 34% are
experimental based.

Historical Trend

The foundation stone of understanding the evolution of the landslide warning system
was founded in the early nineteenth century. In that era of the nineteenth century,
several theories of slope stability based on the geotechnical approach were presented,
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such as Taylor’s method, Bishops’ method of stability, Jambu’s method, and many
more. These methods provide the information of stability of any slope based on their
geometrical and geotechnical parameters, which was purely based on the balancing
principle. During the mid-nineteenth century, the sharp growth of population and
urbanization led to building new infrastructures in hilly regions, and people especially
liked to habit on such place as it can have a peaceful, natural environment. This
activity leads to come up with several landslide incidences, which caused several
live losses. The Nainital landslide of Uttrakhand in 1880 is one of such a type of
failure observed in the nineteenth century. This type of incidence then seems more
often rounds the world and becomes a critical issue that attracts researchers during
the late nineteenth century.

Based on the literature available, most of the studies from 1975 to 2000 were
based on statistical approaches based on the past incidence of the landslide and
corresponding failure conditions. Warning systems of this era are not found accu-
rate to the mark as it was based on a purely statistical approach; the rate of false
alarming was higher, which breaks the end-users trust and makes them unusable.
The central constituent geotechnical interpretation is much essential in the analysis
of the failure of the landslide. In 1996, Glawe and Lotter presented the importance
of geotechnical knowledge and movement monitoring in landslide research [59]. In
the same year, 1996, Cornforth covers several geotechnical parameters in their list
of ideal features of landslide monitoring, which impacted a significant part of the
instability [60]. Along with geotechnical laboratory testing and their interpretation
field, investigation along with boreholes is found a more accurate method for land-
slide investigation as it can provide a bunch of the information regarding soil strata,
their mechanical properties, their geotechnical properties, hydraulic properties, and
probable slip surface of the slope [61].

The importance of the geotechnical knowledge and their effectiveness on the effi-
ciency of the landslide analysis was mainly started to see in research which was
implemented after 2000. The main constituent affected landslide from the geotech-
nical side is pore water pressure, suction effect, water content, density of the soil,
shear parameter cohesion, and angle of the internal friction. Recently, monitoring
and analysis of landslides can carry out by invasive methods such as geophysical
methods and remote sensing.

In very recent modeling of the slope for stability analysis is in trend. Several
limit equilibrium modeling software is available in the market, analyzing the slope
effectively and error-free in less time. A few examples of such modeling are Slope/W,
Geo-5, Midas, CHASM, and Plaxis. Collins, in 2004 states that it is possible to
develop the landslide warning system based on safety (FoS). The innovation in the
modeling reaches to analyze the hydrological analysis in the slope along with slope
stability analysis bring the revolution in the monitoring and warning research of
landslide. One such procedure for combining hydrological and limit equilibrium
analysis of landslide was presented by Rahimi [62] in two steps, as shown in Fig. 24.4.

Rahimi in 2010 suggested two steps for the landslide analysis using finite element
analysis modeling procedure are (I) conducting finite element seepage analysis
providing knowledge of the pore water pressure and soil water curve followed by
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Fig. 24.4 Two-step procedure suggested by Rahimi for combining hydrological and limit equilib-
rium analysis of the landslide

(II) limiting equilibrium slope stability analysis considering shear parameter and
yielding the factor of safety of the slope [62].

Currently Available Different Methods of Monitoring
and Early Warning System

In the first instance, viewers feel a landslide is a surprising event as they proceed
without warning. However, in this connection, Terzaghi says that it is more accurate
to say the observer failed to detect the phenomenon behind the failure of the landslide
[63]. Therefore, the mechanics of the failure needed to be understood is crucial, and
this can be achieved by following the landslide by monitoring it for a long time.

Several researchers implemented numerous approaches for finding the
phenomenon of the landslide occurrence, such as analysis of the soil mass and move-
ment analysis [64]. A wide range of landslide analysis approaches was presented
to understand the basic phenomenon behind the landslide, including displace-
ment monitoring both surface and subsurface, pore pressure influence, suction
effect, hydrological and geotechnical implementation, along with model simulations
[44, 46, 48, 51, 65, 66].

One of the immerging warning systems was developed in Utah, USA, in 1984
[67]. The system generated thresholds based on rainfall, movement, and temper-
ature changes as snow melting are needed. The system was statistical based and
yielding good results as snow melting, and their effect on the stability is considered
by temperature monitoring [68]. Another such warning system was implemented for
San Francisco Bay provenance and run for ten years from 1986 to 95. The warning
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was made based on the previous landslide incidence and corresponding rainfall data,
which was compared to forecasted rainfall data, and in case of exceedance warnings,
were used to issue [69]. In 1992, warning system uses the radar interpretation for
effective rainfall resolution to provide an efficient warning threshold.

Schuster, in 2007, states one of the most effective landslide early warning systems,
which was implemented in the Hong Kong region of China [70]. 70% of the total area
of this region has terrain steeply rising hills, only 30% area covers the medium slope
angle [71]. After two hazardous landslide incidents in 1972 and 1976, which caused
more than 100 fatalities, a geotechnical control center was formed [72]. After 1972
disaster, warning thresholds were implemented based on rainfall by Lumb (1975)
in Hongkong, which was several times then revised to get a reliable threshold value
of rainfall. After 1976 disaster, authority initiated the installing and operation of the
landslide warning system based on the rainfall data. The technical concept behind
the warning threshold is to derive the rainfall data from 100 rain gauges and by using
appropriate statistical methods [73]. Initially, the warning was made based on 20 h
rainfall, then redesigned to 4 h rainfall period for better results [74]. After 1980, it was
again redesigned for hourly precipitation for efficient and accurate results. However,
the advancement of geotechnical in landslide research since the 1980s transformed
attention toward warning conversation.

In 1980, Daniel presented a displacement-based warning system that was experi-
ment based [12]. He used an inclinometer and sensor for recording the displacement
with an accuracy of 0.001 inches. The author used to place such a sensor on the
600 m long side of the slope. The deformation displacement relationship evolves the
threshold of 0.250 inches, showing that a slide can be expected if displacement more
than the threshold is observed.

In 1990, Harp presented one more such experimental-based warning system based
on pore pressure analysis [16]. He used two different sites for the experimental work
and analyzed the effect of the pore pressure by artificially added water in the field
until failure. He found that pore pressure was observed to sudden decrease before 5—
50 min of failure. The result of the study has been used for warning. In 1990, Farkas
developed a correlation-based warning [17]. He used combine laboratory and field
investigation. The author measured pore pressure and rainfall data from the field and
other geotechnical parameters from the laboratory. He used to correlate parameters
responsible for instability with the water content for moisture-based threshold.

Pochini, in 1993, presented the real-time-based warning system [19]. He used to
monitor the slope in real time by continuously monitoring the slope in a country
named Italy. He used an inclinometer, extensometer, and geophones for data collec-
tion from the site. They presented a displacement Vs. time graph indicating the
proper threshold for warning. Singhroy, in 1995, comes up with synthetic aperture
radar (SAR) to measure the movement with millimetric accuracy [21]. Finlay (1997)
developed one statistical-based warning in 1997 based on the relationship between
precipitation and the possibility of the slide based on the record of the landslide and
corresponding rainfall [22]. The mathematical model was developed for data analysis
which used the linear, quadratic, and cubic correlation. The accuracy of the warning
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threshold was not found accurate due to the lack of essential data in the system, such
as geology, geometry, and drainage.

In 2002, Lauterbach derived the landslide warning system for the country name
Germany [28]. The author used a GPS network for monitoring the movement with
five measuring points having 1 mm accuracy. Two alarm was operated, one for station
damage and another when the movement got exceeded the pre-defined threshold. To
reduce the false alarming rate in case of a warning, it is used to send threshold to
expert for validation if further action could be made.

In 2008, Schmidt developed the physically based live integration model for land-
slide warning [35]. The probability of the landslide was used to determine based on
a physically based model using weather forecast. The model got considerable uncer-
tainty in prediction, and hence, it got discontinued. Emanuelelntrieri [42] implement
the warning system in Italy in 2012. The research covers all the needful aspects, such
as the geology of slides, displacement analysis, hydrological simulation, monitoring
system, and choice of instrumentation. The system consists of a wire extensometer
for displacement monitoring, thermometer for snow melting, a rain gauge for rainfall
data collection, and cameras for continuous monitoring. Thresholds were generated
using empirical means.

In2013, Benni Thiebes implemented the physically based model for early warning
of the landslide [44]. He used combine hydrological and stability analysis using
FEM-based CHASM model. Rainfall threshold was used for the warning, which
was estimated based on model simulation. Model runs both analyses hydrological
and stability simultaneously. Rain forecasting was used for waning purposes. In 2014,
Shibio presented the importance of the antecedent rainfall on the landslide using an
antecedent soil water status (ASWS) model [46]. Thresholds were derived from both
antecedent and hourly rainfall effects on the slope. Results show that the presence
of highly antecedent rainfall required less hourly rainfall for failure and vice versa.

In India, during 2014, Manisha designed and implemented an efficient wire-
less early warning system [48]. She used the various sensor for retrieving the data
from the field for same she designed multi-sensor probe which can measure pore
pressure, moisture, strain, and rain at the same time. The three-level warning was
adopted, including early, intermediate, and imminent warnings. In early stage, mois-
ture monitoring was adopted, and in intermediate and imminent, one pore pressure
was incorporated. The software directly issued the warning in case of exceeding the
pre-defined limit of the threshold. In 2019, Kanungo designed the rainfall intensity-
based warning system for the shallow landslide [57]. The set of instrumentation used
includes an inclinometer, extensometer, weather station, and pore water pressure
sensor for time-dependent monitoring of the rainfall and displacement. Interpretation
of the monitoring shows the positive correlation between rainfall and displacement,
which shows a possibility of the defining threshold based on rainfall displacement
analysis.
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Concluding Remark

Landslide research is a complex task as it cannot be affected by only a few parame-
ters that can effectively be measured. It has needed multidisciplinary knowledge to
solve the problem. Further, monitoring and warning of the landslide can be divided
into two categories; first, regional landslides monitoring and second, local landslide
monitoring. Regional is those that covers the entire region, and local is limited to
one site only. Regional landslide is analyzed based on the statistical analysis, which
depends on the records of the landslide and corresponding rainfall and other condi-
tions, and it is found cheapest compared to the local landslide, which is analyzed
by experimental and modeling means. Regarding the effectiveness, regional land-
slides were found less effective than the local landslide due to not adopting a detailed
investigation of the slide into the analysis.

Several kinds of research are presented in connection with the landslide warning
in the present hour, but we still did not get an effective and globally excepted warning
system. Most of the warnings depended on the records of the landslide and rainfall
intensity analysis, which resulted in a higher rate of false alarm as it does not cover
other important aspects of the analysis. Every landslide warning should be designed
by keeping the focus on the requirement of the end-user. However, the available
landslide warning system only monitors a few parameters such as warning based
on movement analysis or based on rainfall records, or based on the pore pressure
analysis, which does not yield efficient results and not fulfill the requirement of
the end user. Warning should be real-time based which can able the end-user to
observe moment to moment update on their screen so they can live without fear of
the hazard.

Further, alarm communication has excellent importance in warning systems, and
it should be required to well-performed during warning issuance, which is rarely seen
in the present warning system. Some of the recent landslide warning systems are well
developed using the wireless network. Such a system stored the required data on the
server, and from the control office, it got automatically analyzed using appropriate
stability software, and in case 