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Soil Structure Interaction (SSI) Analysis
of Shear Wall Buildings
with a Below-Ground Parkade

N. Porchelvam, J. L. Humar, S. Sivathayalan, and P. Mortazavi

1 Introduction

Despite advances in the understanding of seismicity and the response of soils and
structures to earthquake loading, structural failure due to earthquake shaking is still
not uncommon. One of the reasons for this outcome is the lack of appropriate consid-
eration of the potential changes in both the seismic demand and the capacity due to
the interaction of the structure with the subsoil. The soil-structure interaction (SSI)
effects have been researched for many years, but as noted by NIST (2012) the liter-
ature does not provide sufficient clarity nor guidance to practicing engineers for
dealing with specific building configurations. It is often presumed that SSI is benefi-
cial and ignoring SSI would lead to a conservative design. Neglecting SSI effects in
routine design facilitates a simpler design process, but this practicemay lead to unsafe
designs under some circumstances, depending on the properties of the soils and the
characteristics of the structure. Observations during previous earthquakes as well as
research studies have shown that the interaction between the soil and structure does
influence the response of the structure and the damage caused to it [5]. The selective
structural damage witnessed during the 1985 Mexico City earthquake highlights the
influence of local geology and subsoil conditions on earthquake hazard.

Often buildings have large below grade structures in which case SSI may have
a major influence on their response to earthquakes. The SSI effect on the seismic
response of a structure depends on both the interaction between the soil and founda-
tion, and that between the soil and sidewalls. It requires careful evaluation to deter-
mine whether SSI has a significant effect on the forces produced in the structure.
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2 N. Porchelvam et al.

There are not many recommendations in the building codes concerning the seismic
response of buildings that have several underground storeys. Engineers usually crop
the building at the ground level and analyze it assuming that it has a fixed base at
that level. The lateral earth pressure on the basement walls is later accounted for by
using the Mononobe-Okabe formulation [3, 7]. Many earlier studies have focused
on the effect of soil structure interaction on buildings at the soil/foundation inter-
face, limited studies exist on the effect of interaction between the foundation of the
structure and the soil, along with the interaction between the soil and the basement
walls.

The provisions in the newer generation design codes (NBCC2005 and later) imply
higher earthquake loads on foundations and structures. While significant attention
has been paid to the effects of this increased demand within the context of structural
design, there has been little research on the effects of this on soil structure interaction.
Further, the Mononobe-Okabe (MO) method relies on the values of the pseudo-
static coefficients (kh & kv) which are deemed to be functions of the peak ground
acceleration, and are estimated based on past experience. It is unknown whether the
formulations to estimate kh & kv values are applicable under the current regime of
shaking intensity. These concerns highlight the need to conduct further studies to
assess the response of structures under earthquake loads prescribed by the current
building codes, and the implications of using MO as in current practice.

Tall buildings with multiple levels of underground parking space are common in
many parts of Canada, including Vancouver and the Lower mainland. This region is
subject to high seismic hazard due to the Cascadia subduction zone. Better under-
standing of the seismic demand on such buildings with a below ground parkade can
lead to safer designs. A comprehensive analytical study is carried out to determine
the seismic response of a shear wall building (assumed to be located in Vancouver)
using a model that incorporates the structure, the underground parkade, the founda-
tion and the surrounding soil. The analysis considers the interaction between both
the side-walls and foundation of the structure and the soil. The research focuses on
providing an indication of when a designer should take SSI into account. Programs
SAP2000 and OpenSees are used to create finite element models for analysis. The
OpenSees analysis models the entire building (tower & underground parkade), its
foundation and the surrounding soil. The far ends of the soil layers are attached to
absorbing boundaries to represent infinite extent of the layers. A number of ground
motions that are compatible with the uniform hazard spectra for Vancouver [6] are
used in the analysis. The response of the structure including SSI effect is compared to
that of a model of tower and parkade alone analyzed with a fixed base. The following
two cases are considered.

1) Building founded on rock (“BOR”).
2) Building founded on soil overlying rock (“BOSR”).

For the BOR case, earthquake motions are directly transmitted to the structure from
the bedrock, and the presence of soil is limited to the soils surrounding the parkade.
The BOSR case includes soil surrounding and underlying the parkade. The bedrock
motions in this case propagate through the soil to reach the rigid mat foundation
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placed on the soil to support the structure. For both cases, a parametric study is
carried out considering buildings with towers of different heights (4, 8, 12, 16 and
20 storeys) above the ground with a five level below grade parkade. The response
of each building model is assessed for a range of subsoil conditions that represent
different site classes, or different stiffnesses within the same site class, as defined in
NBCC 2015.

2 Building Founded on Rock

The models analyzed consist of five different building configurations differentiated
by the height of their tower above the ground, namely 4, 8, 12, 16, and 20 storeys.
The tower sits on a deep below grade parkade surrounded by a large block of soil.
In this case of the study, the foundation of the building is assumed to be resting on
a rigid bedrock. Each storey is 3 m high and the plan dimensions of the tower are
30m × 30m, and of the parkade 40m × 70m as shown in Fig. 1. The buildings are
referred to as 9-storey, 13-storey, 17-storey, 21-storey, and25-storey basedon the total
number of storeys inclusive of the parkade. Different site conditions are simulated by
changing the properties of the soil surrounding the parkade. Any variations observed
with changing soil type in the BOR cases represent the influence of the dynamic
forces on the parkade walls.

2.1 Analytical Model

The analysis is 2-D with earthquake motion applied in the X-direction. Walls lying
in the X-Y plane constitute the Seismic Force Resisting System (SFRS), Walls that
are in the Y-Z plane are assumed to provide negligible resistance, but deliver to the
SFRS the forces imposed by interaction with the surrounding soil. It is assumed that
the walls deform within their elastic limit, while recognizing that in practice one can

Fig. 1 a Elevation b Plan of the 9-storey building c Analytical model
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expect a shear wall to crack at a drift of 0.5% and to start yielding when the drift
reaches 2.5%. The tower and parkade are modelled as stick elements with masses
lumped at their storey levels. The tower and parkade floors are formed by concrete
slabs and may be considered as rigid diaphragms [4].

The tower, parkade, and soil are rigidly connected so that they move together. To
incorporate the effect of cracking in tower and parkade, the cracked shear stiffness
is taken as 10% of the uncracked shear stiffness, which is modelled by applying a
modifier to the shear area of the tower and parkade. The elements are fixed at the base.
Thus, the analytical model considered in this section ignores kinematic interaction
effect between the soil and the structure. Rayleigh damping of 5% is used in the
analysis.

The analysis is carried out using OpenSees which provides for easy modelling
of both the structure and soil together. In OpenSees, the structure is modelled using
elastic Timoshenko beam-column elements and the soil is modelled using four node
quadrilateral elements with plane strain behavior. To represent the stress-strain rela-
tionship of the soil elements, an NDmaterial object of type elastic isotropic is used.
The shear modulus (G) of the soil is obtained from the known shear wave velocity,
Vs (m/s) of the soil profile using G = ρVs

2, where ρ, the density of the soil, is taken
as 1920 kg/m3. The soil behaviour is approximated as linear elastic, and pore water
pressure effects are not considered in the analysis.

The standard viscous boundary (SVB) of Lysmer andKuhlemeyer [2] type, is used
to provide absorbing boundary conditions at the sides to ensure the transmission of
incident waves without any reflection from the boundary. The efficiency of the SVB
boundary is evaluated under free-field response. The results of the free-field analysis
(i.e., the response at the top surface of the soil deposit) should almost be the same at
all nodes. Based on this many trial analyses are carried out to determine the extent
of soil deposit (70 m) on either side of the building, such that, with boundary condi-
tions employed, the response of the free-field analysis seems reasonable. The nodes
along the bottom boundary of the analytical model are fixed in OpenSees to permit
the application of the seismic shaking along the bottom boundary, assuming that the
entire soil structure system rests on a rigid rock. The lateral boundaries are SVB
simulated using dashpots that are attached along horizontal and vertical directions to
absorb shear and compression waves, respectively. The horizontal and vertical dash-
pots with coefficients Cs = Vs Aρ and Cp = Vp Aρ are modelled in OpenSees using
a uniaxial viscous material command. The primary wave velocity Vp, is obtained
from Vs and Poisson ratio μ using the equation Vp = Vs

√
(2 − 2μ)/(1 − 2μ). The

Poisson’s ratio is assumed to be 0.20. Direct integration time history analysis that
provides the response at discrete intervals of time is carried out in OpenSees. A set of
11 ground motion records that are considered representative of the seismicity of the
region are downloaded from PEER website and scaled to match the Vancouver site
B spectrum according to NBCC 2015 (Commentary J). Further, an Eigen analysis is
carried out to determine the vibration periods of the building.
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2.2 Validation of OPENSEES Model

To validate the numerical model in OpenSees, a similarmodel is created in SAP2000.
Both models are analyzed for the same earthquake input motion, and the results
obtained are compared. In SAP2000, the tower and the parkade are modelled as
frame elements, and the soil region is modelled using shell elements. To simplify
the analysis employed in this comparison study, the lateral soil boundaries are
modelled as free boundaries. The analysis is direct integration time history anal-
ysis and the base shears obtained from the SAP2000 and OpenSees are compared.
The percentage difference observed between the two is approximately 3.3%, which
could be attributed to the difference in the formulation of soil elements since the
elements are shell elements in SAP2000 and quad elements in OpenSees.

2.3 Parametric Study

A parametric study is conducted to characterize the response of a wide range of
buildings founded in different subsoil conditions. Five different buildings with 4, 8,
12, 16, and 20 storey towers, all situated above an underground parkade of 5 storeys
are analysed. Different soil types are simulated by varying the shear wave velocities
of the soil surrounding the parkade. A range of shear wave velocities ranging from
100m/s to 1000m/s is considered. This covers the range of soil types that are expected
in the region, from very soft clays soils to dense sands.

2.4 Analysis of Results

The storey shears, storey moments, displacements, drifts, and the accelerations are
recorded for each building height and for varying soil properties for all 11 earthquake
inputs. In most cases the response in the storey just above the junction of the tower
and the parkade, referred to as the base storey, is critical. The effect of the interaction
on such response is presented in the form of magnification of the response of the
structure in presence of the soil when compared with the response of the structure
alone. Themagnification factors observed in the base storey of the tower are observed
to quantify the effect of soil structure interaction on the seismic response of the
structures.

2.4.1 Magnification Factor

Themagnification factor is defined herein as the ratio of themean of the peak response
of the building with soil to that of the building alone. Magnification factors are
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observed for shear, moment, drift, displacement, and acceleration in the base storey
for 4, 8, 12, 16, and 20 storey towers with varying soil properties. From the results,
it is observed that the magnification factor is, in general, higher than 1 when the soil
has shear wave velocities of 100 m/s (site class E), 150 m/s (site class E), 200 m/s
(near the lower borderline of site class D), 300 m/s (near the upper borderline of
site class D) or 450 m/s (middle of site class C). The magnification factors also
show that in a few cases, stiff soils having shear wave velocity higher than 450 m/s
cause significant magnification in acceleration response. It is apparent that there is
magnification in structural response when soil structure interaction is considered in
this type of buildings.

2.4.2 Effect of Soil Type on Seismic Response

To observe the effect of soil type on the seismic response of the buildings, the
magnifications in shear at the base of the tower for different heights of tower analyzed
with varying conditions of soil are plotted in Fig. 2. From the plot it is clear that for
different tower heights soils having different shear wave velocities ranging from100
m/s (site class E), to 300 m/s (near the upper borderline of site class D) cause
significant magnification. For sites with class C soil (450 m/s and 600 m/s), there
is magnification in shear at the tower base, its value being different for different
heights of the building. Effect of SSI with soils belonging to site class B (850 m/s
and 1000 m/s) is reduction in base shear. The reduced SSI effect for site class B is
attributed to the high stiffness of the soil. In general, a reduction in soil stiffness leads
to an increase in the base shear.

It is sometime reasoned that nonlinearity in the soil response would reduce the
effect of soil-structure interaction. In the present study, it is assumed that the soil

Fig. 2 Shear magnification factors for different tower heights and varying soil properties



Soil Structure Interaction (SSI) Analysis of Shear Wall Buildings ... 7

Fig. 3 Shear magnification factors for different tower heights with a 100 m/s shear wave velocity
soil

remains elastic during its response to an earthquake and hence the effect of nonlin-
earity is not directly considered. However, the effect of nonlinearity would lead to
a reduction in the shear wave velocity and hence in the modulus of rigidity for the
soil. Thus, the assumption that with nonlinearity the SSI effect will reduce were to
be true a softer soil should reduce the magnification in response. The results show
that this is not true. In fact, the softer soils tend to increase the impact of SSI.

2.4.3 Effect of Number of Above Ground Stories on Seismic Response

For the same local site conditions, the height of the tower above ground influences
the seismic response. The magnifications in base shear of buildings with varying
tower heights but all founded in a site with class E soil (100 m/s) are shown in Fig. 3.
It is apparent that although the height of the structure above ground influences the
seismic response, no direct relationship exists between the tower height and the
magnification. Similar response was noted in other soil types as well.

2.4.4 Effect of Earthquake Characteristics on Seismic Response

Figure 4 compares the effect of earthquake characteristics on the storey shears in the
soil structure system for a 9-storey building. The variation in storey shear forces is
dependent on the type of the soil. The figure shows two illustrative examples for the
cases with soil having shear wave velocity of 100 m/s and 600 m/s. The variation
of the storey shear for each of the 11 earthquake inputs (all scaled to match the
Vancouver site B spectrum) are shown in Fig. 4. It is seen that the storey shears are
affected by the characteristics of the earthquake input; but the differences in the upper
storeys are less significant when compared to those on the lower storeys for the case
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Fig. 4 Storey shears in 9-storey building with soil shear wave velocity, Vs = 100 m/s and 600 m/s
for 11 different earthquake inputs

of soft, class E, soil sites (Fig. 4a). However, the variation of the story shears is of
the same order across the height in a building founded on the relatively competent,
Class C, soil.

2.4.5 Effect of Resonance on Seismic Response

An issue that has been discussed by some is whether the magnification of base shear
occurs when there is resonance between the predominant periods of the structure and
the soil. To examine this issue, the shear magnification factors for the base storey of
the tower, the period of the soil for its first mode, which has a modal participation
factor of 75%, and the periods for the first and second modes of the structure, which
dominate the response are compared and it is observed that no correlation exists
between the fundamental period and the magnification [9]. This indicates that the
observed magnification in base shear cannot be attributed to resonance.

3 Building Founded on Soil Overlying Rock

In many instances, the foundations of the buildings are placed on soil overlying the
bedrock. The seismic response of buildings in such cases will depend on interaction
between the side walls and the surrounding soil, and between the foundation and
the underlying soil. Both the inertial and kinematic soil-structure interactions come
into play in this case. The buildings analysed herein are assumed to be supported
on a thick mat foundation that moves as a rigid body and rests on soil that overlies
the bedrock. As previously noted, the buildings are identified by the total number of
storeys inclusive of the parkade, and the same building configurations, with tower
heights varying from 4 to 20 storeys are considered in the analysis. The parkade is
surrounded by a large block of soil, having a plan dimension of 70 m by 70 m. The
soil deposit under the tower is 180 m by 70 m in size and 30 m in depth. A 30 m thick
soil deposit below the foundation is employed to characterize the soil based on Vs,30
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Fig. 5 a Elevation of the 9-storey building b Analytical model

as per the NBCC site classification. The plan view is similar for all the buildings and
is as shown in Fig. 1(a) The elevation view and the numerical model of the 9-storey
building are illustrated in Fig. 5.

3.1 Analytical Model

The details of the tower structure, including the supporting structure below the ground
level, and parkade model are the same as previously presented in Sect. 2.1. The soil
profile is assumed to consist of two soil layers, one below the foundation level, and
another surrounding the parkade. The mat foundation is modelled using a series of
elastic beam-column elements of 0.5 m length (selected to be equal to the dimension
of the soil element). Very large values are specified for the modulus of elasticity E so
that both the flexural rigidity EI and axial rigidity EA are large and the foundation
is essentially rigid. The foundation nodes are connected to the soil nodes using
equalDOF command in OpenSees in both X and Y directions.

The buildings are assumed to be located on a rock site in Vancouver, conforming
to site class A, as defined in NBCC 2015, so the 11 selected ground motion are
scaled to be compatible with the corresponding uniform hazard spectrum. However,
only one earthquake record, which closely matches the UHS for Vancouver, selected
from the scaled 11 records, is used in the analysis. The primary focus here is on the
variation of the base shear of the building.

3.2 Parametric Study

Three different foundation soils types are considered for each tower height. The
shear wave velocity of the soil deposit underneath the building is chosen to represent
Site Class B and C, and a borderline case between B & C. For each foundation soil,
three different types of top soil layer (soil surrounding the parkade) are considered.
The shear wave velocity of the top soil layer is equal to or lower than that of the
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Table 1 Subsoil conditions considered in the parametric study

Shear wave velocity, Vs m/s

Bottom layer:
foundation soil

Top layer: surrounding soil
(Relative stiffness, GSurroundingSoil/GFoundationSoil )

Class B (Middle) 1000 m/s Case 1: 200 m/s (Very soft ≈ 5%)
Case 2: 750 m/s (Soft, ≈ 55%)
Case 3: 1000 m/s (Same stiffness, 100%))

Borderline:
Class B/C

750 m/s Case 1: 200 m/s (Very soft ≈ 7%)
Case 2: 550 m/s (Soft, ≈ 55%)
Case 3: 750 m/s (Same stiffness,100%)

Class C (Middle) 450 m/s Case 1: 200 m/s (Very soft ≈ 20%)
Case 2: 300 m/s (Soft, ≈ 45%)
Case 3: 450 m/s (Same stiffness, 100%))

foundation soil. The cases studied are intended to represent typically encountered
site conditions, (a) a uniform soil layer throughout, or a top soil layer that is (b)
somewhat softer, or (c) much softer than the bottom layer. The different subsoil
conditions considered for each tower height are summarized in Table 1.

A ground response analysis of a model comprising just the soil block below the
foundation without the building and surrounding soil is carried out to determine its
response to the excitation produced by the application of the selected ground motion
at the rock below the foundation block of soil. The time history of the horizontal
motion at the top surface of the block is determined. This motion is referred to as the
propagated motion or free field motion.

To observe the structural demand when the soil structure interaction is ignored,
the building consisting of the tower and parkade but without the surrounding soil is
analysed for its response to the propagated motion applied at the foundation level.
The storey shears, moments, deflections, and accelerations are determined. Next a
model comprising the tower, the parkade and the surrounding soil is analysed for
its response to the propagated motion. Finally, the complete system comprising the
building the surrounding soil and the soil below the foundation is analysed for the
same ground motion (Vancouver site Class A motion) applied at the rock level.

3.3 Analysis of Results

The structural response is determinedby (1) a fully coupledSSI analysis (the building,
the soil surrounding the parkade and the soil under the foundation) with Site class
A compatible earthquake motion as input at bedrock, (2) an analysis of the building
and the soil surrounding the parkade for free-field motion (BOR case), and (3) an
analysis of the building alone for free-field motion to establish a reference “typical
design” response.
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3.3.1 Magnification Factor

The intent of the analysis is to delineate the cases where the typical practice would
lead to unsafe designs, and to identify which combinations of soil properties lead to
the highest structural demand. For all cases detailed in the previous section on para-
metric study, magnification factors are computed for shear, moment, drift, displace-
ment, and acceleration at the base storey of the tower. The analysis covers typical
cases anticipated in the Vancouver region. The results indicate that the BOR anal-
ysis, which ignores the kinematic interaction computes higher base shear, moment,
drift etc., or higher magnification factor when compared to the BOSR analysis, the
magnifications being measured with respect to the baseline case (case of the building
alone subjected to the propagated motion).

A representative comparison between the results of BOSR case and BOR case
is presented in Fig. 6, which shows the magnification factors observed for 9-storey
building with subsoil conditions belonging to middle of site class C (450 m/s). The
abscissa in Fig. 6 represents the case numbers as detailed in Table 1, cases 1, 2 and
3 correspond to BOSR analysis and cases 4, 5 and 6 correspond to BOR analysis,
respectively. The BOSR case consistently yields lower demand compared to BOR.
In fact, in many cases demand is seen to be lower than in the baseline analysis [9].
BOSR configuration considers both inertial interaction and kinematic interactions
and demonstrates that simplified models which ignore kinematic interaction may
lead to conservative estimates of the structural demand. It is also noted that higher
contrast between the soil surrounding the parkade and the soil underneath the base
of the tower (case 4) leads to an increase in magnification.

Fig. 6 Magnification factors for 9 storey building, Shear wave velocity of underlying soil 450 m/s
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Fig. 7 Spectra plots for 9 storey building, middle of site class C (450 m/s) case

3.3.2 Base Slab Averaging Effect

The presence of stiff foundation elements causes the motion to deviate from the free
field motion. The impact of this effect is a function of the relative values of the wave
length and foundation width. From the results of analysis presented in this section it
is observed that there is a reduction in seismic demand when the structure is analyzed
with a rigid foundation resting on a soil deposit overlying rock (BOSR). Analyses
are carried out for varying tower heights for various BOSR cases and the horizontal
ground accelerations are recorded at the base of the structure for each BOSR case.

Figure 7 shows the spectra plots of the recorded ground motions for 9-storey
building with middle of site class C (450 m/s) shear wave velocity soil. For identifi-
cation, a backslash (/) is used to separate the shear wave velocity of the soil deposit
surrounding the parkade and the shear wave velocity of the soil deposit underneath
the tower. Similar plots for all the cases analyzed can be plotted. For comparison, the
free field spectra of the horizontal acceleration recorded at the top of the soil deposit
when the structure and side soil are absent are included in the plots. The spectrum
of the earthquake input motion for Site Class A applied at the base of the underlying
soil is also plotted. It is observed that the spectra of accelerations recorded at the base
of the structure are de-amplified when compared with the free field spectra for the
same site condition. Hence, there is a reduction in seismic demand on the structures
owing to the base slab averaging effect.

3.3.3 Foundation Rotation

The foundation rigidity combined with flexibility of the soil under the foundation
causes the base slab to rotate in addition to being displaced in the horizontal direction.
Such rotation causes an increase in the displacements of the upper storeys and a
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lengthening of the period. Because the spectral accelerations generally decrease
with increasing period, lengthening of the period results in a reduction in the seismic
demand on the structure. To illustrate the extent of base slab rotation, the vertical
displacements and the rotations at the two end and at the mid-point of the base
slab are recorded. These records confirm the rotation of base slab. The demand for
structures with mat foundation resting on a soil deposit is found to be lower than
in the case when the structure is assumed to be resting on a rock (when no rotation
in foundation is allowed) due to the combined effect of base slab averaging and
foundation flexibility.

4 Conclusions

The primary objective of this research is to better understand whether the seismic
demands considered in the design of structures with a relatively tall underground
parkade, within the Canadian context, are appropriate. Analytical studies presented
here are limited to the expected groundmotions in theVancouver region given its high
seismic hazard compared to other Canadian locales, and to structural configurations
that are typical in Vancouver. The results are however valid irrespective of the level
of hazard. The results indicate that the practice of analyzing structures ignoring the
effect of soil structure interaction could lead to unsafe designs depending on the
subsoil conditions.

Analyses of buildingswith different tower heights showno distinctive relationship
between the building heights and the response magnification. The analyses confirm
that SSI depends on the properties of the soil at the site and softer soils have greater
impact on the response. ForBOSRcases, a highmagnification in response is observed
when the structure is surrounded by very soft soil and is underlain by a very stiff
soil, i.e., when there is a significant difference in shear wave velocities of the soil
surrounding the parkade and the soil under the base of the tower. Both, the rotation of
the foundation andfiltering of themotion at the foundation due to base slab averaging,
contribute to reduction in the demand. As a result, the seismic responses in the BOR
cases are higher than in the corresponding BOSR cases. This highlights the effects
of kinematic interaction which is absent when the structure is founded on rock, and
significant when the structure is founded and/or surrounded by soft soils.
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Probabilistic Analysis of Brittle Fracture
Design Code Provisions for Steel Bridges

M. Y. X. Chien, S. Walbridge, and B. Kühn

1 Introduction

Historical collapses of steel bridges caused by brittle fracture, such as the Duplessis
Bridge in Trois-Rivières, Québec (failed in 1951), the Silver Bridge in Point pleasant,
West Virginia (1967), and the Mianus River Bridge on I-95 in Cos Cob, Connecticut
(1983), have motivated code writers around the world to create regulations for
designing against brittle fracture since the 1970s and 1980s.

Brittle fracture design rules can vary significantly between regions. In Canada,
the Canadian Highway Bridge Design Code, CSA S6-19, provides Table 10.12 and
Table 10.13, which specify toughness requirements solely based on the minimum
service temperature of the geographic location, split into two temperature zones [4].

However, it is known that temperature is not the only factor that plays a role in the
fracture behaviour of steels. The American code, AASHTO LRFD Part 6, provides
a slightly more sophisticated table, which has three temperature zones and takes into
account the steel plate thickness [1].

In Europe, significant advances have been made in recent decades in the sophisti-
cation of the tools available for modelling and understanding brittle fracture in new
and existing structures. The Eurocode (EN 1993-1-10) provides the most detailed
approach for brittle fracture design, which takes into consideration numerous factors
such as plate thickness, yield strength of the material, stresses on the component,
radiation losses, member shape and dimensions, safety allowances, strain rate, and
degree of cold forming if applicable [6]. While adaption of similar approaches in
North America to assess these special situations may be of interest, it is worth noting
that in no part of the world has a rigorous probabilistic assessment been performed to
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assess the reliability levels being achieved using the various existing brittle fracture
designmethods. For example, although probabilistic considerations have been incor-
porated in the calibration of the Eurocode provisions, it seems this has been done
only to ensure a high probability that ultimate failure will be governed by ductile,
rather than brittle, fracture.

Although the Eurocode takes more factors into consideration, it is uncertain how
the results compare with the current Canadian provisions, and whether this increase
complexity is justified. To answer these questions, a basic analysis was previously
done to compare the brittle fracture provisions in EN 1993-1-10 with CSA S6-19.
The example bridge used was from the CISC’s “Straight Plate Girder Bridge Design
Example 1”, where the loads, dimensions and boundary conditions were obtained.
This analysis found that the toughness requirements of CSAS6 aremore conservative
than EN 1993-1-10 for thinner plates, that the design provisions in both codes result
in the same toughness requirement in the middle range of plate thicknesses, and EN
1993-1-10 is generally more conservative for thicker plates.

2 Literature Review on Eurocode Methods

The Eurocode contains twomethods of assessing brittle fracture, a simplifiedmethod
using design tables, and a fracture mechanics method. The latter is described briefly
in the following section, as it is the method that is modified and applied in the
subsequent probabilistic analysis.

2.1 Eurocode Fracture Mechanics: K-factor Based Method

Thefirst formof the fracturemechanicsmethod is presented in a stress intensity factor
framework and is based the toughness of the material (KMat,d , which is a function
of a reference temperature, TEd) being greater than the applied effects (expressed as
the stress intensity factor, Kappl,d). This is shown in Eq. 1, in terms of K-values, or
plain strain stress intensity factor [12]. The original master curve, which forms the
basis of this method was developed in [15].

K ∗
appl,d = Kappl,d
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The left-hand side of the equation is calculated using Eq. 2.
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where
σ Ed is the stress from external loads [MPa],
ad is the design size of the crack [m],
Y is the is the correction function for various crack positions and shapes [-] [11],
Mk is the correction function for various attachments with semi-elliptical crack
shapes [-],
kR6 is the plasticity correction factor from theR6-FailureAssessmentDiagram (FAD)
[-], and
ρ is a correction factor for local residual stresses, which may be taken ρ = 0 for non
welded details [-].

On the right-hand side of Eq. 1, the term TEd is expanded using Eq. 3.

TEd = Tmd + �Tr + �Tσ + �Tε̇ + �Tcf [◦C] (3)

Tmd is the lowest daily air temperature of the location of interest, with a 50-year
return period.

�Tr is an adjustment for radiation loss,which depends on the topography, latitude,
albedo, etc., of the location of interest. Currently, research has been done in Germany
to establish an average value of –5 °K radiation loss for the entire country. Other
European countries often adopt the –5 °K radiation loss from Germany. However,
this parameter has not yet been established in Canada.

�Tσ is the temperature shift due to the applied stress.
�T˙ε is the adjustment for strain rates other than the reference rate of ε0 =10–4/sec,

based on Eq. 4.

�Tε̇ = −(
1440 − fy(t)/550

) · (LN(ε̇/ε̇0))
1.5 [◦C]

�T εcf is the adjustment for the degree of cold forming εcf , calculated using Eq. 5.

�Tεc f = −3 · εc f [◦C] (5)

In Eq. 1, the term (T27J − 18) [◦C] represents the temperature correlation between
the CVN test temperature corresponding to a notch toughness of 27 J and the fracture
mechanics transition temperature, T100, which is the temperature corresponding to a
fracture toughness of 100 MPa

√
m.

It is also worth noting that in Eq. 1, �TR is a safety allowance, if required, to
reflect different reliability levels for different applications, and beff is a measure of
the effective crack front length. It is dependent on the crack shape (e.g. surface crack,
edge crack, double edge crack, or through-thickness central crack), crack size (in the
case of a surface crack), and plate thickness, and takes on one of the values given in
Tables 2–7 of the Eurocode background document EUR 23,010 EN [7].
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3 Probabilistic Analysis

Following the preliminary code comparison published previously and briefly
described in the introduction, a probabilistic analysis was performed to observe the
sensitivity of the probability of failure, Pf , to changes in each of the input param-
eters of the Eurocode fracture mechanics method. The equations and tables of the
method were programmed using Visual Basic. Statistical distributions for the key
input parameters were identified and probability of failure was determined byMonte
Carlo Simulation (MCS).

By simulating a large number of trials, the sensitivity of the Pf to changes in each
input parameter can be determined, along with limits on each parameter based on
the target Pf or reliability index. The loads, dimensions, and boundary conditions
were again obtained from the CISC Straight Plate Girder Bridge Design Example
1 for the probabilistic brittle fracture analysis. A sketch of the dimensions (in mm)
and girder layout are presented in Fig. 1.

This bridge has four three-span continuous girders (43 m / 53 m / 43 m) with
flange and web plate thicknesses varying along the span. A 350 W steel grade (f y =
350 MPa) is assumed. However, as no North American equivalent currently exists, a
genericEuropean “master curve” relatingCVNnotch toughness to fracture toughness
is assumed to also apply to North American steels. In order to study the effect of the
extreme cold temperature on the probability of brittle fracture, the fictitious bridge
was “placed” in three locations: Fort McMurray, AB, Vancouver, BC, and Waterloo,
ON.

3.1 Target Reliability Index (Beta) and Probability of Failure

For brittle fracture, a suitable target reliability index of β = 4.0 can be identified
based on CSA S6 Chapter 14 [5] for brittle element behaviour in a structural system

Fig. 1 Straight plate girder bridge
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with no redundancy and limited inspectability under normal traffic. The question of
system behaviour for multi-girder bridges is one that is still currently being pondered
by code writers and researchers. If the highest level of redundancy can be assumed
(meaning the brittle fracture of one girder does not result in structure collapse),
then the target value of the reliability index can decrease to as low as 3.5. The
corresponding probabilities of failure are 3.17·10−5 and 2.33·10−4 for β = 4.0 and
3.5 respectively, where:

Pf = �(−β) (6)

and �() is the standard normal cumulative density function.

3.2 Distribution Types and Statistical Parameters

In the probabilistic implementation of the Eurocode fracture mechanics method,
bias factors are applied to the deterministic model parameters, typically in the form
of “multipliers”, which are defined to account for the various sources of uncertainty
associatedwith each parameter. Table 1 summarizes the deterministic values assumed
for each input parameter. Sources for these parameters are given where appropriate.
In this table, t and B are the girder flange thickness and width, flange stresses at the
location of interest are denotedwith aσ , andHw andWw are theweld height andwidth
associated with the critical detail. The weld parameters are used to calculate the local
stress intensity factor using equations not shown here for reasons of brevity. To apply
these equations, a weld detail geometry must be assumed. In the calibration of the
Eurocode simplified method, a longitudinal plate attachment detail was assumed,
due to its relative severity. Thus a similar detail is conservatively assumed in the
current analysis.

Table 2 summarizes the bias factors assumed in the probabilistic analysis. Sources
used to establish the distribution type,mean, andCOV for each bias factor are given in
this table where appropriate. Concerning parameters in Tables 1 and 2, the following
additional information is noteworthy:

• The COV of the extreme minimum temperature was calculated following a
procedure described in the CAN/CSA-S6 Calibration Report [2].

• For the base case, a 2.2 mm crack size constant is assumed, as was done for the
Eurocode simplifiedmethod calibration [7]. This parameter is varied subsequently
in a parametric study. The COV of the crack size was taken as 0.2 from [14].

• The bias factor for the dead load stress was obtained from [4] with type D1
(factory-produced components) assumed for the entire dead load. In reality, if the
concrete deck were cast-in-place and covered with an asphalt wearing surface, a
larger COVwould be appropriate, or separate bias factors should be used for each
dead load source. Uncertainties in the brittle fracture resistance can be captured
using bias factors, Z9 and Z10, to consider uncertainties associated with the brittle
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fracture “master curve” formula and the notch to fracture toughness conversion,
based on raw test data in EUR 23,510 EN [12]. Steel grades S355, S460, S690,
and S890 were tested (and are reported in this reference) and the lower shelf of
the master curve was fitted. Since the master curve was fitted to the average of the
data, Z9 is a multiplicative factor to model the scatter of test data for the fitting,
which has been assigned a mean of 1.0 and standard deviation of 25%. Using
this value, a close replication of the 50%, 95%, and 5% failure probability curves
for the raw test data from Figs. 2–7 in EUR 23,510 EN [12] could be produced.
Note that the 20 MPa

√
m term is not multiplied by Z9 because K = 20 MPa

√
m

represents the lower bound for cleavage fracture in steels, and therefore the stress
intensity factor cannot be lower than that value [16].

• Z10 is an additive factor to model the scatter in test data correlating the fracture
mechanics transition temperature, T100, to the Charpy test temperature, T27J.
which has been assigned amean of 0 and standard deviation of 0.13 (the transition
temperature standard deviation is 13 °C), based on the raw data from Fig. 2–8 in
EUR 23,510 EN [12].

The modified limit state function is presented as Eqs. 7–9:

K ∗
appl = Kappl

kR6 − ρ
≤ 20 + Z9

[
70

{
EXP

(
TEd − T27J + 18 ◦C + Z10 + �TR

52

)}
+ 10

]
·
(

25

be f f

) 1
4

(7)

K ∗
appl = Kappl

kR6 − ρ
= (σD1·Z5 + σL ·Z6)·√π·a·Z4·Y ·Mk

kR6 − ρ

[
MPa

√
m

]
(8)

TEd = Tmd · Z3 + �Tr + �Tσ + �Tε̇ + �Tcf [◦C] (9)

Fig. 2 Sample output for base case (Ft. McMurray, 50-year service period, T27J = –30 °C)



Probabilistic Analysis of Brittle Fracture Design Code Provisions for Steel Bridges 21

Table 1 Deterministic
parameters model parameters

Parameter Units Value Source

Fy MPa 350 (CSA 2019)

t mm 25 (CISC 2002)

B mm 375 (CISC 2002)

Tmd °C Location-dependent –

�Tr °C −5.0 [12]

�Tσ °C 0.0 –

�TR °C 0.0 –

�T ε °C 0.0 –

�Tecf °C 0.0 –

T27J °C −20 or −30 (CSA 2019)

a m 0.0022 [12]

σDLbc MPa 102.99 (CISC 2002)

σDLac MPa 21.43 (CISC 2002)

σ LL MPa 64.78 (CISC 2002)

Hw mm 10 –

Ww mm 10 –

Table 2 Statistical variables for base case analysis (Ft. McMurray)

Z Modifies Z VZ (σ Z ) Distribution Source

Z1 Fy 1.101 0.0915 Lognormal [9]

Z2 t 1.02 0.012 Lognormal [10]

Z3 Tmd 1.0 0.0574 Normal 50-year service period,
calculated based on [2]

Z4 a 1.0 0.20 Lognormal [14]

Z5 σD1 1.03 0.08 Lognormal [2]

Z6 σ LL 1.5228 0.0304 Lognormal 50-year service period,
calculated based on [2]

Z7 Hw 1.0 0.16 Lognormal [8]

Z8 Ww 1.0 0.16 Lognormal [8]

Z9 Master Curve 1.0 0.25 Lognormal [12]

Z10 CVN to SIF Conversion 0.0 (13 °C) Normal [12]
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3.3 Results: Base Case Analysis

Figure 2 shows sample output for MCS with 10,000 trials for one of the base case
simulations, which assumed the bridge was located in Ft. McMurray, AB, and fabri-
cated with steel having notch toughness, T27J = −30 °C. On this basis of this simula-
tion, a probability of failure of pf = 0.0054 is calculated (β = 2.55), which is below
the target reliability index range of 3.5–4.0. The following should be noted:

• The basis for this probability of failure calculation is a 50-year service period,
which is used to calculate the extreme live load and the extreme cold temperature.
It is then very conservatively assumed that these two events occur at exactly the
same time.

• It should not be surprising that such a low probability of failure is obtained with
such a highly conservative assumption implicitly made in the analysis. Clearly,
in order to estimate the probability of failure more reasonably, a time-dependent
reliability framework is needed,where the live load and temperature are allowed to
fluctuate realistically over time or the effect of this realistic fluctuation is captured
using an appropriate approximation. This is the next step in this research project,
and not a possibility that is considered further in the current paper.

• For the purpose of assessing the implications of the assumed analysis period, in
the sensitivity studies presented in the following sections, two service periods are
considered: the 50-year service period employed in the base case analysis and a
1-year service period, the latter yielding “annual probability of failure” results,
which still employ the overly conservative assumption that the extreme live load
and temperature occur at the same time within the service period. In order to do
this, the statistical approaches in [2] were employed with the raw traffic statistical
data for the province of Ontario for midspan moment of a simply supported 40 m
girder. (In future analyses, more recent raw data for Ontario, BC, and Alberta
could be used where appropriate. However, for this study, the bridge “location”
only affected the extreme temperature statistics.)

3.4 Results: Variation of Crack Size

A semi-elliptical crack shape was assumed, with “size” referring to the crack depth.
The mean crack size was varied between 2 and 20 mm, and as expected, the prob-
ability of failure increases with increasing crack size. The results are presented in
Fig. 3. Looking at this figure, it can be seen that the annual probability of failure
curves are—as expected—lower than the 50-year service period curves.

Note that in order to present curves with only two variables changing at a time
(location, which affects extreme temperature nominal and bias factor values, and
mean crack size), the fracture toughness of the steel was held fixed at T27J = –20 °C,
even though (CSA 2019) would require a lower value of −30 °C for the coldest
(Ft. McMurray) location. Looking at these curves, it can be seen that as the climate
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Fig. 3 Pf vs. crack size (T27J = –20 °C)

Fig. 4 β vs. crack size (T27J = –20 °C)

becomes more severe, the probability of failure curve shifts upwards, as expected.
Figure 4 presents the corresponding set of reliability index vs.mean crack size curves,
based on Eq. 6.

3.5 Results: Variation of Load

In the next sensitivity study, the maximum nominal applied stress at the detail was
varied to investigate the effect of this parameter. The dead-to-live load ratio was
maintained all analyses. As can be seen in Fig. 5, the results show an expected
increase in the probability of failure with an increase in the maximum nominal
applied stress. It should be noted that the higher stress levels in this analysis exceed
the nominal yield strength of the steel. This raises broader questions regarding the
competing ductile and brittle fracture failure modes, which warrant further study.
Questions such as: should the probability of failure for each failure mode be kept
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Fig. 5 Pf vs. maximum nominal applied stress (T27J = −20 °C)

below a target threshold or should the probability of failure considering both failure
modes simultaneously be kept below a threshold could be considered in this study.

3.6 Results: Variation of Plate Thickness

The simulation results from a flange plate thickness variation study interestingly
showed a local minimum point in the pf vs. flange plate thickness output, in contrast
with the monotonically increasing curves obtained in the first two studies. Initially,
the failure probability is high, as the crack takes up a significantly large proportion
of the overall plate depth, making it a point of weakness as there is an insufficient
amount of uncracked flange area to prevent failure. In the first portion of the graph,
pf decreases when the thickness increases, as gradually the crack is taking up less of
the cross section. At a point near 50 mm thickness, the local minimum is reached.
Beyond the optimum point, the pf increases again as the increased thickness causes
a reduction in ductility. The graph for the 8 mm crack is shown in Fig. 6.

Plate thickness variation was simulated for four different mean initial crack sizes
ranging from 6 to 12 mm. The results for the 12 mm crack are shown in Fig. 7. In
general, the trendswere seen to be similar. However, as themean crack size increases,
the flange plate thickness for which the probability of failure by brittle fracture is
a minimum also increases. Also, as expected, the probabilities of failure increase
for all cases with an increase in the mean initial crack size or severity of the local
climate.
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Fig. 6 Pf vs. plate thickness (8 mm mean initial crack size, T27J = −20 °C)

Fig. 7 Pf vs. plate thickness (12 mm mean initial crack size, T27J = −20 °C)

4 Conclusions and Future Work

This paper describes a probabilistic analysis of brittle fracture risk in Canadian steel
bridge girders, using the Eurocode fracture mechanics method, applied in a simple
probabilistic framework. It is observed that the probability of failure by brittle frac-
ture is affected by the crack size, load level, and plate thickness. Currently, on the
resistance side of the limit state function, the research only considers bias factors for
variability in the master curve and temperature correction. There remains work to be
done to consider other sources of uncertainty, e.g. in the thickness correction, plas-
ticity correction, etc. Further literature review and new experimental work may be
needed to better characterize the statistical variables for the North American steels,
traffic loading, etc. It must also be acknowledged that the treatment of the traffic
load and extreme cold temperature in this analysis is highly simplistic and an area
where future work is needed. An important next step of this work will be to cast
the problem as a time-dependent reliability problem, with the extreme traffic and
temperature loads fluctuating realistically over time.
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A final recommended improvement to the presented methodology would be to
consider the competing mechanisms of ductile and brittle fracture in a more sophis-
ticated way, such as considering the two failure mechanisms simultaneously for each
trial in an appropriate system reliability model.
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Geocell-Reinforced Lateral Support
for Anchoring Structural Foundations

Arghya K. Chatterjee, Sanat K. Pokharel, and Marc Breault

1 Introduction

Light weight structures are either attached to heavier structural members or directly
to the ground, eventually relying on a foundation that completes the load transfer
path. Portable light weight structures like floating fence needs anchor rods to hold
them against dynamic loads such as wind load. These anchor rods are similar to
micro-piles and are often designed shallow where competent soil conditions exist.

With seasonal variation in temperature leading to freeze-thaw in cold climatic
region, growth of vegetation over time and other natural and human interventions,
topsoil tends to lose the strength with time. Particularly, where the seasonal frost
line extends beyond two meters, chances are that the weak topsoil covers almost the
entire depth of anchoring rods. Alternative design would demand either a greater
number of anchor points or longer rods and at times both. Despite it being the most
common conventional solution, it is neither economical nor environment friendly
strategy. Another solution could be removing the entire weak soil and replacing
it with competent engineered fill which may also be impractical in most of the
situations.

Over past couple of decades there has been a significant advancement on soil
reinforcement technology. High strength, creep resistant and high modulus poly-
meric geocell have been used to design the lateral foundation support to for light
structure successfully. Geocell made from novel polymeric alloy (NPA) material
provides ductility like HDPE and elastic behavior like thermoplastic [2]. Pokharel
et al. [12, 14] had identified lateral and vertical confinement, beam (slab) effect and
wider load distribution as the major reinforcement mechanism provided by geocell
reinforcement. [3] showed that geocell with higher stiffness provides higher rigidity
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of the reinforced. A comprehensive study done by Pokharel [12] and [4] explained
the mechanism of load transfer and subgrade modulus improvements. Pokharel
[12] reported a modulus ratio of up to 7.6 by geocell reinforcement, that is, the
modulus improvement over the modulus of the underlaying soil layer. The geocell-
reinforced soil also provides improved bending resistance, tensile strength, and shear
strength [13]. [3] showed that geocell with higher stiffness provides higher rigidity
of subgrade. The three-dimensional confinement of polymeric geocell can improve
soil modulus by at least 2.5 times [1] and [10]. This performance improvement for
higher soil stiffness has been verified by multiple field level practical design imple-
mentations [5, 11]. There has not been a noticeable amount of research in structural
engineering field that considers the recent developments in soil reinforcement tech-
nology. Reinforcing soil with naturally occurring infill material can be a sustainable
solution to many structural foundation designs.

This paper is one of the initial attempts to take advantages of improved elastic
properties of soil using three-dimensional geocell reinforcement while considering
anchor rod and pile designs. A bareminimum thickness of reinforced naturalmaterial
laid on top of existing top weak layers can reduce effective member size and increase
design life. Thus, leading to amore sustainable design. Primarily two cases have been
observed to compare the effect of a reinforced top layer with unreinforced layers.
Since geocell reinforced soil provides resistance even on load reversal, it is expected
to add enhanced performance on screw pile pull out strengths [9]. However, the scope
for this paper is limited to lateral loads only.

First case discussed in this paper involves the comparison of reinforced verses
unreinforced soil in design of anchoring rods for light weight structure like floating
fence. In the second case, the study has been extended to heavier hypothetical struc-
ture with deep plies and pile cap. In both cases a weak top organic layer resting above
weathered crust has been assumed. All analysis has been done with Finite Element
Method (FEM) using Autodesk Robot Structural Analysis (ARSA) program.

2 Methodology

Objective of this study is to observe and compare the improvement of factor for piles
or anchor rods when subject to lateral loads. Theoretical background study has been
performed on how improved subgrade modulus with reinforcement can lead to more
lateral stability of buried structures. Linear elastic model has been developed through
analytical calculations to characterize the initial spring stiffness of soil.

Two hypothetical cases have been independently treated with similar soil condi-
tions to obtain member design forces and design deflections. The purpose of both
the studies is to observe the influence on foundation design with addition of a layer
with geocell reinforcement on top of soft organic layers.

NPA geocell with yield strength exceeding 22 kN/m, dynamic (elastic stiffness)
modulus more than 650MPa at 60 °C, cumulative long term plastic deformation less
than 3% at 65 °C, provides a beam effect [12] that can be used to add lateral stiffness
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to foundation structures. Fill inside geocell is naturally occurring granular material
compacted to defined minimum thickness. Since the infill layer is assumed to be on
topof a soft organic layer prone to highwater content, itmaynot be possible to achieve
a defined compaction on the granular infill material. Achieving maximum possible
compaction is assumed to be enough for developing lateral stiffness. Influence of
rutting, settlement, frost-heaving are neglected for the study on lateral stability of
foundations. So, to study the lateral influence of reinforced layer, those parameters
are neglected.

Finally, an attempt has been made to relate reinforced soil lateral stiffness
parameter to structural member section dimensions that can be used for future
designs.

3 Modeling Elastic Soil Stiffness

Currently, there is no available data how to calculate the lateral stiffness of reinforced
soil. However, there are several studies on subgrade modulus improvements [1] and
[10]. Typically, a study in soil subgrade modulus involves study only in the vertical
direction. An attempt has been made to relate the vertical stiffness to horizontal
stiffness using an idealized linear elastic model with no damping.

Subgrade modulus at specific depth (Ks) was first introduced by [6].

Ks = stress

deflection
(1)

Since, linear elasticmodel has been assumed, a unit cube of soil can be replaced by
horizontal and vertical springs (Fig. 1a). Force ‘P’ is applied independently, once in
horizontal direction and then in vertical direction against respective spring stiffness
KH (initial horizontal spring stiffness) and KV (initial vertical spring stiffness). Thus,
for the purpose of this study volumetric change, superposition of load and poisson’s

Fig. 1 a Single block representation and b 3-block representation of soil stiffness
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ratio can be neglected. Since the model assumes end boundary conditions as rigid
(Fig. 1a) deflection is basically the deformation in springs.

Thus, along vertical direction,

Ks = P/AV

δV
(2)

And, for a linear elastic model,

P = KV ∗ δV (3)

Combining (2) and (3)

Ks = KV

AV
(4)

Similarly, for horizontal case,

KsH = KH

AH
(5)

where, AH and AV are respective horizontal and lateral areas and dH and dV are
respective horizontal and vertical deformations.

When load is transferred from a circular pile to surrounding soil, effective areas
are (as shown in Fig. 2)

AV = Lateral area = π ∗ D ∗ t (6)

Fig. 2 Effective area for
circular structure
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AV = Projected area = D ∗ t (7)

Consider, α is a constant representing the ratio of initial spring stiffness. When α >
1 the effective horizontal stiffness of soil is more and thus, more load is transferred
horizontally than vertically.

α = KH/KV (8)

In reality, each block is significantly smaller and is supported by multiple blocks
around it. Figure 1b represents a three-block scenario. Horizontally, since the same
stratum continues to the connected blocks, they have identical stiffness (Fig. 1b).
However, vertically as we get deeper natural soil tends to get stiffer. Assuming,
connected linear blocks, linear stiffness can act as springs connected in series. Thus,

1

KeH
= 1

KH
+ 1

KH

1

KeV
= 1

KV1
+ 1

KV2
(10)

Considering an example where top one meter is organics (say, KV1 = a kN/m) and
the next meter silty clay having twice the stiffness (KV2 = 2 * a kN/m). For cubes
of unit areas, the effective area is one square meter.

KeH

KeV
= 3

4
∗ α

Equation 11 can be interpreted as the effective horizontal stiffness is 75% of the
vertical stiffness.

Now, for the same three block system consider the effect of reinforcement. The top
one meter is reinforced, and another one meter below is organic. Horizontal stiffness
relations stay the same (Eq. 9). However, in the vertical direction the layer reinforced
with geocell is at least 2.5 times stiffer than an unreinforced soil [1] and [10]. The top
granular material can be couple of times stiffer than organic below thus scaling up
the effective layer stiffness ratio. However, for this calculation conservative number
2.5 is used. Thus, KsV = 2.5 * a kN/m3 and KsV2 = a kN/m3 yields Eq. 12.

KeH

KeV
= 1.75 ∗ α (12)

So, horizontal stiffness is 75% higher leading to more load transfer horizontally
and less lateral deformations. Where lateral deflection is a dictating parameter for
design, reinforced top layer can play a significant role. If an un-reinforced layer is
added on top of soft organic soil, the increased lateral stiffness may not be enough to
contribute to design material savings because unreinforced layers lack the required
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modulus improvement. It must be noted that not all variety of reinforcing material
may have the same reinforcing effect. The stiffer the geocell material the more effec-
tive contribution it shall hold. The three-dimensional confinement effect of geocell is
another important parameter for uniform interaction between structure and confining
soil.

The load P gets dissipated as it transfers from one elastic block to another in
Fig. 1b. Thus, the magnitude of P, plays a major role to determine how many linked
blocks will affect the effective stiffness in both horizontal and vertical direction.
More number of blocks involved imply lesser equivalent stiffness. So, for detailed
design, individual P-d (load-deformation) curves are recommended to be used, with
reinforced top layer, to determine the effective lateral stiffness.

4 CASE 1 – Light Anchoring Rods

Figures 3a and b show anchor rods supporting floating fence. The fence is assumed
to be in Blainville, Quebec. This is one of those areas in Canada where wind load
is high and ground conditions are weak. Thick layer of organic soil (peat) is very
common. A weathered clay crust supports the organic layers. This crust is the main
load bearing layer and is sufficiently thin for load bearing structures. Layer below
the weather crust is sensitive clay. Typical construction in these areas involves deep
piles, reduction of loading mass with lighter fills or alternate geosynthetics designs
such as reinforcing soil with geocells.

Fig. 3 a Reinforced stratum for anchoring rod, b Unreinforced & c Single panel of floating fence
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4.1 Fence description

Each panel of fence is 2.0 m height and 3.0 m wide. 3.7 mm thick wire mesh with
opening size of 50 mm × 50 mm. Based on National Building Code of Canada
2015 and Quebec Construction Code 2015, velocity of wind for Blainville area can
be safely assumed as 56 m/s. After adjusting for importance factor and all relevant
pressure coefficients the applicable design pressure is 0.82 kPa. With simplified
structural analysis, effective load on the pounding road at the embedment surface
comes out to be 1.5 kN lateral load and 2.25 kNm bending moment. The rod is
assumed to be a 350 MPa steel with 38 mm solid diameter and 3 m long.

The reinforcement effect is studied using two sub cases. Once, when the top
300 mm of soil is reinforced and the rod is pounded inside (Fig. 3a) and second
when it is dipped directly into natural soil (Fig. 3b). The anchor rod is modeled
as frame member in Autodesk Robot Structural FE package. Initial elastic spring
stiffness (as per Table 1) at the center of each layer are added as boundary condition
for both two horizontal (kH) and one vertical (kV) directions. Linear elastic analysis
is performed on the model.

4.2 Soil Stratum

Using the homogeneous elastic model, as discussed above, the equivalent hori-
zontal and vertical spring constants are derived. For simplicity, on this study and
for conservative results, rocking stiffness or rotational stiffness of soil has been
neglected.

From [7, 8] it has be assumed that for silty-clay type soil typical value of KsV1 is
10,000 kN/m3. Also, for every 1 m depth the value increases by 10,000 kN/m3. For
compacted reinforced layer assume typical California Bearing Ratio (CBR) of 50%
and polymeric geocell modulus improvement factor 2.5 [1].

Thus, from American Concrete Institute PRC-360-10 Clause 4.4.3, Resilient
Modulus, MR = 2.5 * 1500 * CBR lb.in and, Subgrade modulus, Ks =
MR/19.4 lb/in3 = 874,507 kN/m3.

Horizontal component of stiffness is assumed as 80% of the vertical. Detailed
calculation of α has been neglected to reduce the number of variables in parametric
observations. Since the diameter of the rod is just 38 mm, end bearing strength is
neglected. The supporting soil being very soft, rotational stiffness of soil is neglected
throughout the study.
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Table 1 Horizontal and vertical spring constants for the anchor rod

Layers Thickness
(m)

Depth
(m)

KsV
(kN/m3)

KV
(kN/m)

KH
(kN/m)

Reinforced (factor 2.5) 0.3 874,507 24,726 6296

Organic 1.2 1.5 5000 565 144

Weathered crust 1 2.5 100,000 9425 2400

Clay - 1 0.5 3 10,000 471 120

Clay - 2 0.3 3.3 13,000 368 94
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Fig. 4 Member forces and displacement comparison between reinforced and unreinforced cases

4.3 Results

Finite element analysis with Autodesk Robot Structural Analysis, shows that without
the 300mm thick reinforcing layer, the 38mmdiameter anchoring rod failsmiserably
in deflection (Fig. 4b), demanding larger and deeper anchor system. For a light
structure like the anchoring rod, the effect of soil reinforcement on member’s design
forces is almost insignificant (Fig. 4c, d). However, where deflection dictates the
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design, structure can be economized significantly using natural fill material and
geocell type reinforcements.

The character response of the anchoring rod under later load for the given natural
soil condition is like a cantilever beam. Whereas, with the addition of a reinforced
layer, the characteristic changes to propped cantilever. Thus, increasing indetermi-
nacy and reducing deflections. Even the member forces are reduced to almost zero.
Whether pile caps can create similar effect as reinforcing layer’s lateral stiffness, has
been independently studied thorough CASE-2.

5 CASE 2 – Pile with Pile Cap

Since the presence of cap action is not captured by single anchoring rods, so CASE-
2 (Fig. 5) with heavier isolated structural unit has been studied to comment on the
influence of soil reinforcement.While based on the previous case study, it is expected
that there will be influence on deflection, but an attempt has been made to observe

Fig. 5 a Soil Stratum for 4 pile structure b Pile cap geometry and applied loads d
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Table 2 Horizontal and vertical spring constants for the piles

Layers Thickness
(m)

Depth
(m)

KsV
(kN/m3)

KV
(kN/m)

KH
(kN/m)

Reinforced (factor 2.5) 0.5 0.5 874,507 549,469 139,921

Organic 1.5 2 5000 9425 2400

Weathered crust 2 4 100,000 251,327 64,000

Clay - 1 1 5 10,000 12,566 3200

Clay - 2 1 6 13,000 16,336 4160

Clay - 3 1 7 20,000 25,133 6400

Clay - 4 1 8 30,000 37,699 9600

Clay - 5 1 9 40,000 50,265 12,800

Clay - 6 1 10 50,000 62,832 16,000

Clay - 7 1 11 60,000 75,398 19,200

End bearing 82,938

whether that influence increases or decreases when the inertia of primary structure
is significantly higher.

Figure 5 shows the geometry of the structure under observation. Steel pipe of yield
strength 350 MPa has been considered for piles and 500 mm thick concrete pile cap
with 28 days strength of 35 MPa. Loads are applied at the center of the pile cap. In
Autodesk Robot Structural, pile cap has been modelled as shell element and 10 m
long piles are modeled as frame elements. The two directional horizontal stiffness
and vertical stiffness are applied at the center of each layer for boundary conditions.
Two conditions were checked, first where Organic-1 (Fig. 5a) is naturally occurring
organic-peat and second where that 500 mm thick layer is replaced by polymeric
geocell that has modulus improvement factor of 2.5.

5.1 Soil Stratum

Using identical soil methodology as described in CASE-1, the spring constant for
the soil has been derived (Table 2). Krotation has been assumed zero.

5.2 Results

Results of analysis show that a significant addition on overall integrated structural
stiffness is achieved with reinforcement. Deflection is almost zero with reinforced
layer as compared to 8.2 mm in unreinforced layer. In lieu of higher indeterminacy
and better distribution of external forces, member forces were reduced (Fig. 6b, c).
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(a) Area-displacement for reinforced & unreinforced (b) Area-lateral force for reinforced & unreinforced 
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Fig. 6 Relation of varying member forces with structural stiffness for reinforced & unreinforced
cases

Thus, it is possible to design a lighter pile structure with addition of bare minimum
top geocell reinforced structure. Keeping all other parameters constant, the diameter
of piles has been varied to observe the effect of structural inertia on reinforced topsoil
addition. With soil reinforcement, member forces remain almost steady. However,
when comparedwith unreinforced soil, the gap between the demandswidens (Fig. 6b,
c).

Focusing just on deflection (Fig. 6a), it can be stated that for reinforced topsoil
100 mm diameter pile (area = 1881mm2) is more conservative design than 200 mm
diameter pile (area = 3892mm2) without reinforcement. Both having 6.4 mm thick
wall thickness. Lateral member force is reduced by 25% andmoments by 40%. Thus,
reducing the overall structure by at least 25%.

Figure 6d has been developed by varying the stiffness of top reinforced layer
for 100 mm diameter piles. Variation in topsoil lateral stiffness can happen for
multiple reasons, like use of different reinforcement or not achieving certain
compaction. Modulus Improvement Factor hold a power relation with displace-
ment. Thus, it is necessary to achieve a minimum amount of reinforced stiffness
with modulus improvement factor to take advantage of this top reinforced layer.
However, increasing the stiffness (either by increasing the thickness or reinforced
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layer or compaction or different reinforcing material) may not necessarily show
visible advantage. Rather, having an almost rigid top layer and very soft interme-
diate layers increase the risk of member bucking. A balance must be developed to
optimize the depth of reinforced layer, with use of case specific load-displacement
curves.

With typical compacted clay on Ks = 20,000kN/m3 the displacement of the pile
system increases to 15.6mm. This is almost 50% reduction from just having organics
on top.However, the entre study is on initial spring stiffness. If unreinforcedfill is used
to reduce design section, the compaction loss for lateral displacement is significant
as compacted to the three-dimensional confining effect of geocell. Additionally,
without reinforcement, achieving decent compaction on top of soft organic is another
challenge. Further study is required to observe the effect of fill thickness verses
reinforced thickness to comment on how much of regular fill can be an alternative
of reinforced fill, if at all that is possible.

6 Conclusion

Through this study, the following observations has been made.

• Adding high strength polymeric geocell reinforced soil at the top provides signif-
icant advantage on design buried structures, particularly where deflection dictates
the design. For the observed cases, structures could be reduced by a minimum
25%. With lighter structures and using naturally available soil as reinforcing
material, less manufactured material like steel and quarrying virgin aggregate
is required on site. Thus, less raw material exploitation for steel production,
less manufacturing and reduced number of trucks on road. Overall, contributing
significantly to reduced carbon footprint.

• With reinforced soil layer, member forces are reduced as compacted to unrein-
forced structure, particularly when the structure is heavy. However, increasing
soil stiffness does not affect member forces after a certain limit. So, case specific
design optimization is necessary.

• Through the CASE-2 study, it can be stated that the effect of reinforced soil stiff-
ness is observed not just applicable to light foundations but also deep foundations
with higher inertia.

• Increasing soil reinforcing stiffness has positive power relation with lateral
deflection. So, with minimum thickness of reinforcement maximum effect can
be achieved, if the reinforcing material is stiffer. High strength NPA geocell
used as reinforcing material for this study, does show excellent lateral stiffness
performance.

This paper is mostly a theoretical background opening opportunity for further study
on artificially adjusting soil stiffness to reduce foundation structures. Further study
is necessary to determine the influential parameters once beyond the initial spring
stiffness. Also, the elastic model used to derive lateral stiffness for this study needs
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to be verified experimentally. Effect of three-dimensional confinement or planar
reinforcing or interlocking behaviours of filling material need to be independently
studied, particularly under the influence of dynamic loads.
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Analysis of Full-Scale Plate-Based
Tensegrity Structure Using Dynamic
Relaxation

H. Gathman and A. C. Sychterz

1 Introduction

Modular and lightweight structures have increasingly become an area of interest to
researchers and engineers due to the reduction in construction times and flexibility
for future modification or relocation. This has led to the continued development of
innovative structural designs and the utilization of nonstandard construction mate-
rials. Among these innovative designs are tensegrity structures, which first began as
an art form until engineers realized their unique structural properties [11, 16, 20].
Tensegrity structures are made of discrete bars in pure compression held together
by prestressed cables in pure tension and are stabilized by self-stress. They have a
high strength-to-weight ratio, can be adjusted after the structure is loaded, and are
well-suited for deployable and modular structures [19, 22].

The utilization of aluminum in the civil engineering profession offers appreciable
advantages over steel and concrete due to its lightweight, low maintenance costs,
extrudability, and infinite recyclability [5, 18]. The structure simulated in this study
is made primarily of aluminum.

Tensegrity structures have applications in civil engineering including bridges [13,
17], towers [12], and grid shell structures [1, 14]. However, these studies have not
included surface elements such as bridge decks or roof coverings incorporated into
the tensegrity structure. The classic definition of tensegrity structures includes bar
and cable elements held together in a state of self-stress. The introduction of a plate
as a third element type allows the concept of tensegrity to be extended to roof and
shell structures.

H. Gathman (B) · A. C. Sychterz
Civil and Environmental Engineering, University of Illinois
at Urbana-Champaign, Champaign, USA
e-mail: hfg2@illinois.edu

© Canadian Society for Civil Engineering 2022
S. Walbridge et al. (eds.), Proceedings of the Canadian Society of Civil
Engineering Annual Conference 2021, Lecture Notes in Civil Engineering 244,
https://doi.org/10.1007/978-981-19-0656-5_4

41

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-19-0656-5_4&domain=pdf
mailto:hfg2@illinois.edu
https://doi.org/10.1007/978-981-19-0656-5_4


42 H. Gathman and A. C. Sychterz

Fig. 1 Proposed unit
topology for plate tensegrity
structures using square plate
with idealized jo dints
inspired by [6]

A topology for a plate-based tensegrity structure has been presented [6, 7, 9] as
a hypothetical roof over a Swedish equestrian hall using timber plates. The base
tensegrity module is composed of a strut passing through the center of polygonal
plates which are connected along the plate edges and by cables at the strut ends
(Fig. 1). The cables function to stabilize the plate in its plane and hold the strut
in compression. This topology would further the range of applications for which
the benefit of tensegrity can be realized. However, few analysis methods have been
proposed that can account for geometrical nonlinearity. The force density method
[16] has been applied to a single plate module and a plane ten-plate system [8], but
there has been no analysis of a full-scale or curved structure.

Dynamic relaxation (DR) is a nonlinear numerical method of form finding and
static analysis often used for tension structures. The DRmethod is a pseudo-dynamic
method that involves iteratively solving the equations of dynamic equilibrium and
kinetically damping the structure until it reaches static equilibrium [3]. DR has been
used for a variety of structure types including trusses [15], grid shells [2], and tenseg-
rity structures [17, 24]. It is regarded as a powerful and reliable method for analyzing
a variety of engineering problems. The value of using DR for tensegrity structures is
that it is able to account for changes in geometry and stiffness during the analysis.

Since many studies focused on the analysis of tensegrity structures are based
on simulation only, the challenge of joint design has not been tackled by many
researchers. Through the simulation and construction of a deployable hollow-rope
footbridge at École polytechnique fédérale de Lausanne (EPFL), it was found that
the actual behavior of the deployable tensegrity structure deviated significantly from
the predicted behavior due to joint eccentricities and friction during deployment
[17, 21]. A modifed dynamic relaxation method has been formulated to account for
joint friction during deployment by [21] and has accurately captured the behavoir
of continuous cables sliding over joints, though joint eccentricities and unwanted
internal movements still remain an issue in accurately modeling and building joints
for large scale tensegrity structures.Apreliminary joint design idea andproportioning
is presented in addition to the DR simulation.
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In this paper, a method of static analysis and form-finding for curved plate-
tensegrity structures using dynamic relaxation is proposed. Aluminum as a building
material is also further explored through the simulation of a full-scale aluminum
plate-tensegrity curved roof structure.

2 Analytical Study

2.1 Plate Tensegrity Structure

The simulated structure is an aluminum plate tensegrity structure which will be
built as a bike parking shelter south of Newmark Civil Engineering Laboratory on
the University of Illinois at Urbana-Champaign’s (UIUC) campus. The topology
proposed by [6] is adopted. Modules are connected via intermodular cables at the
strut ends. The construction of the bike shelter on campus not only will serve as a
protected space to store bikes but aims to encourage sustainability on campus and
provide important educational and research insights into larger-scale applications of
similar structures.

The primarily axial forces and short compression members found in tensegrity
structures enable a more optimal use of material and cross section, presenting oppor-
tunities to explore underutilized construction materials. Aluminum was chosen as
the primary material for the bike shelter due to its lightweight and durability. Plates
and struts are modeled as 6061 aluminum and cables are stainless steel. The square
plates are 12 gauge (0.081 in thick) 1 ft × 1 ft plates, and the vertical struts are of
2 ft length with a circular cross section of 1 in outer diameter and ¼ in wall thick-
ness. Cables are stainless steel with 1/16 in diameter. The full-scale roof structure
is 4 plates × 6 plates with curvature resulting in a 6 in change in elevation. Initial
member sizes were chosen based on construction feasibility. Figure 2 a) shows a
preliminary rendering of the full-scale structure labeled with dimensions. Figure 2
b) shows a rendering of the bike shelter in its proposed location. Joints have been
idealized in Fig. 2 and for the analysis described in this paper. The corners of the
roof are supported by square HSS aluminum columns.

2.2 Simulated Tensegrity Structure Using Dynamic
Relaxation

DR is chosen to analyze the proposed structure since it can account for geometric
nonlinearities and is computationally efficient as it does not require matrix inversion.
The computation procedure has been implemented in MATLAB.

In order to useDR, the structuremust be discretized into a series of bars and cables
connected at nodes. A technique which has been used for simplifying finite element
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(a) Dimensions of bike canopy (b) Rendering of structure in proposed location

Fig. 2 Preliminary rendering of aluminum plate tensegrity structure (NTS) (a) over rendered bike
rack with dimensions (b) next to Newmark Civil Engineering Building

(a) Single unit (b) Curved roof structure in X-Z plane

Fig. 3 (a) one plate tensegrity module with equivalent plate struts (b) curved roof structure in X–Z
plane with pinned supports in place of columns

models of folded plate structures is to use equivalent framework models. Through
this technique, thin panels are modeled as an assembly of bar elements connected to
nodes [10, 23]. The bars have adjusted areas to preserve the stiffness and in-plane
behavior of a continuous panel. This method is adopted for modeling the plate of the
plate tensegrity structure presented in this work. The plate is converted into a plane
with 5 nodes and 8 bars (Fig. 3a). The vertical strut is split into two bars meeting at
a node in the center of the plate. Figure 3b shows the curved 4 × 6 module roof in
the X–Z plane with pinned support conditions in place of the columns. All cables
are modeled as discontinuous at nodes.

The American Society of Civil Engineers’ ASCE 7-16 Minimum Design Loads
andAssociated Criteria for Buildings andOther Structures is being used to determine
the loads on the structure, load factors, and load combinations. The service snow load
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Table 1 Properties of elements in dynamic relaxation model

Element type Material Density
(kip/in3)

Young’s
Modulus (ksi)

Poisson’s ratio Area (in2)

Cable Stainless steel 0.284e−3 29,000 – 0.003

Vertical strut Al 6061 0.098e−3 10,000 – 0.589

Diagonal
plate strut

Al 6061 0.098e−3 10,000 0.33 0.509

Orthogonal
plate strut

Al 6061 0.098e−3 10,000 0.33 0.365

for central Illinois, USA is applied to plate nodes. The snow load for this type of
structure is determined from ASCE 7-16 as 12.1 psf. The dead load is calculated for
each member and is applied to the two nodes of the respective member. All loads are
applied in the global (-z) direction.

The area of the struts which make up the plate have been calculated to preserve
the in-plane behavior of a continuous isotropic plate. Finite element models of the
plate under the applied load showed negligible bending stress and therefore stiffness
has been adjusted to preserve in-plane stretching and shear behavior [10].

The material properties and resulting area for each element type are summarized
in Table 1.

Member forces and the deflected shape are obtained from the DR algorithm.
Loads are factored according to the Load and Resistance Factor Design (LRFD)
load combinations. In accordance with engineering practice, the unfactored snow
load is used to find deflections and factored snow load is applied to find the member
forces. The equivalent areas used for plate struts resulted in a dead load self-calculated
by the algorithm to be slightly greater than the LFRD factored dead load would be
if continuous plates were used and has been conservatively left as such for both
deflection and member force calculations.

3 Results

Deflection and member stresses are found due to snow and dead loads. The deflected
shape is shown in Fig. 4 and has been exaggerated by a scale factor of 40. Figure 4
shows the deformed structure in the X–Z plane superimposed onto the undeformed
shape. Themaximumdeflection occurs atmidspan and is 0.09 in, satisfying the L/360
deflection criteria of 0.20 in. The maximum displacement in the X and Y directions
is 0.04 in and 0.04 in, respectively.

By bracing the vertical strut in the center of the plate, the relative displacement
of the top and bottom segment of the vertical strut is useful to give an indication
of bending stresses which could develop. This phenomenon is observed mostly at
the units near the supports which do not have as much support from the cables at
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Fig. 4 Deformed configuration view in X–Z plane superimposed over undeformed shape, defor-
mation exaggerated by a factor of 40

adjacent modules. The plates further from the supports primarily undergo rigid body
motion with little out of plane deformation at the center node.

Figure 5 shows the normalized axial stress in each member which was found
by dividing the member force by its equivalent area. Figure 5a) shows the view in
the X–Z plane. Figure 5b) shows the stress in the structure in the 3D view. Since
the structure and all conditions are symmetric, one symmetric half of the structure
is shown in Fig. 5b) for greater clarity. Blue indicates compressive stress while
red indicates tensile stress. Both gradients are normalized to the maximum value of
tensile or compressive stress respectively. It can be seen that most of the tensile stress
is concentrated near the supports with the maximum occuring at the cable connecting
the vertical strut of the corner module to the support. Tension is also observed in the
bottom intermodular cables while the top intermodular cables go slack due to the
global bending action of the roof. Some tension occurs in the plates, but a majority
of the tensile stress in the structure is carried by the cables.

The maximum compressive stress of 1.07 ksi is found in the orthogonal plate
struts near the structure’s line of symmetry. This is attributed to these struts taking
the compressive force produced by the global bending action. The other plate struts
carry both tension and compression primarily distributed along the diagonals. The
vertical struts carry only compressive stress, with higher stresses near the supports.

The maxiumum stress in the cables is 57.2 ksi which is below the strength of
many available stainless steel cable assemblies. The vertical strut has a maximum
compressive stress of 0.226 ksi or a force of 0.134 kips. This is well below Euler’s
critical buckling load of 7.88 kips. Plates have maximum tensile and compressive
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(a)

(b) Maximum compressive stress

Slack cables

Maximum tensile stress

Fig. 5 Stress distribution (a) view in X–Z plane with legend (b) 3D section cut along line of
symmetry with legend

stresses of 0.886 ksi and 1.07 ksi, respectively, which is much smaller than 6061
aluminum’s yield strength of 35 ksi. Table 2 summarizes the stresses in each element
type, where tension is positive and compression is negative.
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Table 2 Summary of element stresses; tension (+), compression (−)

Element type Maximum stress
(psi)

Minimum stress
(psi)

Average stress
(psi)

Standard
deviation

Cable 57,200 0.00 5,060 9,630

Vertical strut −10.7 −226 −70.0 68.9

Diagonal plate strut 226 −278 −20.2 159

Orthogonal plate
strut

886 −1,070 −6.69 354

4 Discussion

4.1 Simulation Results

Both deflection and strength requirements are satisfied for the applied snow and
dead loads. The deflection was closer to exceeding the design criteria than strength,
and suggests if the load requirements or unsupported span were larger, additional
supports would be required. Member stresses for the struts and plates are well below
the critical buckling load andmaterial yield strength, while themaximum stress in the
cables is acceptable but would likely be the limiting member if the load requirements
were higher.

One of themost valuable features of tensegrity structures is that they are extremely
strong for their weight. The proposed topology paired with a lightweight material
such as aluminum results in stresses well below the yield strength of the material
and each module weighs just 1.5 lbs excluding joints. The entire roof excluding
joints weighs 37.3 lbs. In comparison, if the structure were made of steel, it would
weigh over 100 lbs. Lightweight construction materials not only decrease the dead
load demand on the structure, but improve the energy efficiency of construction and
material transport.

The ability of the square plates and many other polygonal shapes to form tessel-
lations in combination with the lightweight make this structure ideal for modular
construction. The individual square units can be pre-assembled offsite, connected
by the intermodular cables, and hoisted into place when the bike shelter is ready for
construction. The broader impacts of developing analysis methods for lightweight
modular structures such as that desribed in this paper can improve the design
of similar temporary pop-up structures useful for emergency housing, military
applications, or disaster recovery sites.
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4.2 Preliminary Joint Design

An issue that has not beenwell-addressed in the design of large-scale tensegrity struc-
tures is joint design. Most analysis methods of tensegrity structures, including the
dynamic relaxation method described herein, idealize the joints as perfectly pinned
connected. In order to accurately predict the behavoir of the structure simulated in
this work, the actual joint must behave as a pin connection and eliminate eccen-
tricities and internal movements. At the same time, the joint must allow for easy
assembly and fine adjustment of the cables. [8] have presented a conceptual idea
for the cable-strut connection which takes inspiration from a turnbuckle. The design
involves threading the inside of the vertical strut and fitting in a male threaded piece
which has “wings” for the clevis pins on the end of the cable assemblies to attach
(Fig. 6). After the structure is assembled and and tightened, the joint can be locked
in place with a jam nut.

The limit state that will govern the design of the wings is tearout and block shear.
For preliminary calculations and proportioning, the upper wing is assumed to have
dimensions 1′′ × 1′′ × 5/32′′ with a 1/4′′ diameter hole meeting TheAluminumAsso-
ciation’s Aluminum Design Manual 2005 requirements for end and edge distances.
The allowable tearout force, Psr, is calculated using Eq. 1 from the AluminumDesign
Manual for the case where the tension is applied on the upper wing perpendicular to
vertical strut.

Threaded vertical strut

Sample cable with clevis pin

Wing with hole for clevis pin

Jam nut to lock in place

Fig. 6 Rendering of strut-cable connection idea for plate tensegrity module
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Psr =
(
Fty√
3
Agv + Ftu Ant

)
/nu (1)

where Psr is the allowable tear out force, nu is a safety factor of 1.95, Fty is the
material yield strength taken as 35 ksi, Ftu is the ultimate tensile strength taken as 38
ksi, Agv is the gross area in shear calculated as 0.0781 in.2, and Ant is the net area in
tension calculated as 0.0586 in2. The resulting allowable tearout force is 1.95 kips,
exceeding the maximum force in the cable of 55.9 lbs. From a strength perspective,
this joint idea and proportioning are feasible.

5 Conclusions and Future Work

Dynamic relaxation has shown to be a fast and useful tool, yielding results which
indicate the proposed structure is able to meet current civil engineering criteria for
strength and serviceability. The use of aluminumalso proves to be a feasible construc-
tion material for this type of structure. To enable the use of tensegrity structures in
structural engineering practice, is it necessary to develop analysis methods which are
capable of modeling the behavior of full-scale systems. Plate tensegrity structures
offer an enhancement to the definition of tensegrity which may have more practical
uses in civil engineering. The findings presented in this paper show that through
the adoption of an equivalent axial-member model, computationally expensive finite
element models for static solutions can be avoided, and other methods may be used
for the analysis of plate tensegrity structures.

Future work will include analysis of other load cases such as lateral loads and the
design of robust joints for strut-cable, plate-plate, and cable-plate connections.
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Numerical Study of Standard
and Extended Shear Tab Connections
in Steel I-Beam

Pronob K. Ghosh and Anjan K. Bhowmick

1 Introduction

Shear tab connection is often used in steel construction due to its simplicity in terms of
fabrication and erection. Shear tab connection, which is used to transfer shear from
beams to the supporting columns or girders, can be two types: conventional and
extended shear tab connections. In the conventional shear tab connection, typically
The distance between the weld line and the single vertical bolt line should be less
than or equal to 89 mm (3.5 in.). Also, the number of bolts in the CST connection
should be between 2 and 12. As the bolt eccentricity from the weld line is small,
the end moment that develops in the connection is also small. On the other hand,
when it is needed to connect the supported beam with the web of the wide flange
supporting column or girder, with the CST connection coping of flanges of the
beam is necessary. In order to avoid the coping of the beam, the shear tab needs
to be extended beyond 89 mm, and this connection is called the extended shear tab
connection (EST). Extended shear tab connection could also have multiple vertical
bolt lines. The currentCanadian steel design standard,CSAS16-19, provides a design
table for conventional shear tabs with a single vertical line of two to seven bolts and
a 75 mm distance between the weld and bolt line. The design table in S16 is based
on the research of Astaneh et al. [4] on CST connections and can not be applied for
commonly used shear tab connections with multiple vertical bolt lines. While in the
AISC construction manual, design provisions for extended shear tab connections are
currently available, no design provisions for EST connections are currently available
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in the Canadian steel design standard. This is mainly because of the lack of adequate
research on EST connections.

The present research investigates the behavior and strength of CST and EST
connections in I-shaped beams. For this reason, a three-dimensional (3D) finite
elementmodel is developed using the commercial finite element software, ABAQUS.
The developed FEmodel is validated for an unstiffened EST connection test done by
Sherman-Ghorbanpoor [9]. After that, a parametric study is conducted on both CST
and EST connections by varying the length, depth, and thickness of the shear tabs.
The selected I-beams are considered to have simply supported boundary conditions
and have concentrated loads at their spans. From the parametric study, the variation
of shear force, shear displacement, and twist for both CST and EST connections are
estimated.

2 Selected Previous Research on Shear Tab Connections

Several studies have investigated both behavior and strength of conventional and
extended shear tabs experimentally and numerically. Astaneh et al. [4] experimented
five full-scale beam-to-column conventional shear tab connections and proposed a
design procedure. This design procedure of shear tab was adopted by the Canadian
steel design standard S16. It was concluded that the strength of the shear tab was
dependent on the stiffness of the supporting member. Based on the experimental
results, Astaneh et al. [4] proposed the following equations for bolt eccentricities
(eb), which were found to be related to the number of bolts (n) and weld to bolt
distance (a). For rotationally rigid support:

eb = [(n − 1) × 25 − a]mm (1)

and for rotationally flexible support:

eb = [(n − 1) × 25 − a] ≥ amm (2)

Sherman and Ghorbanpoor [9] experimented 31 full-scale EST connections under
stiffened and unstiffened conditions. Among them, a total of eight tests had unstiff-
ened shear tabs and twenty-three tests had stiffened shear tabs. The varying param-
eters in the tests were thickness and length of the tab, the number of bolts, bolt-hole
type, weld to bolt distance, bracing and different beam, column, and girder section.
They proposed a design provision of EST connection ensuring sufficient strength and
end rotation. Based on their research, the design section of the extended shear tab
connection in theAISCmanualwas formed. Following equationswere recommended
for the bolt eccentricity (eb) for EST connections:

eb = n ≤ a inch where n ≤ 6 (3)
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eb = 3 + n

2
≤ a inch where n > 8 (4)

In their research, for the unstiffened EST connections, Sherman and Ghorbanpoor
[9] identified two new limit states: a) column web mechanism and b) plate twisting.
On the other hand, for some of the stiffened ones, the primary failure mode was
due to twisting. It was also observed that when EST connections become deeper, it
was more prone to twisting failure. Sherman and Ghorbanpoor [9] proposed Eq. 5 to
determine the capacity of twisting of shear failure (Vp) of EST as a function of shear
tab depth (dp), the yield stress of shear tab ( fy), and thickness of shear tab (tp).

Vp = 0.3dptp fy (5)

Rahman et al. [8] developed three-dimensional models to predict the strengths
and failure mechanism of unstiffened and stiffened EST connections. Marosi [6]
conducted tests on a set of sixteen full-scale beams having shear tab connections
with one, two, or three vertical rows of bolts. It was observed that shear yielding
extended throughout the shear tab depth for one vertical row of bolt. For connections
with two or three vertical rows of bolts, shear yielding was observed in the inner
rows of bolts, near the column face.

3 Non Linear Finite Element Modeling of Shear Tabs

3.1 Selection of Element

A non-linear 3D finite element model (FEM), as shown in Fig. 1, was developed
usingABAQUS. In the FEM, bothmaterial and geometric nonlinearitieswere consid-
ered. ABAQUS contains different types of elements such as solid, shell, and beam
elements. For all components of the FE model, 3D solid eight-node brick element

Fig. 1 3D FEM shown (Left) and a FE mesh in EST connection (Right)
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Fig. 2 Stress–strain curves: 350 W steel-left [3]; A325 bolt-right [7]

with reduced integration (C3D8R in ABAQUS library) hourglass controlled element
was selected.

3.2 Material Properties

To consider material non-linearity, elastic–plastic with linear hardening relation was
implemented for bolt, plate, beam, column, and girder. To validate the experimental
test [4, 9], yield stress and ultimate stress were considered as specified in the test
report. For all FE models, modulus of elasticity and Poisson’s ratio were considered
as 200 GPa and 0.3, respectively. The stress–strain curve considered for the A325
bolt, as shown in Fig. 2, was adopted from Rahman et al. [7], For all other steel
components stress–strain curve by Ashakul et al. [3] for 350 W steel, as shown in
Fig. 2, was considered.

3.3 Contact Properties

Surface to surface interaction with hard contact and a friction coefficient of 0.3 was
used to connect the bolt with a bolt hole, beam web, and plate in ABAQUS. To
simulate surface-to-surface interaction properly, the bolt head, bolt-shank, and nut
were used as master surface (red) since bolt material is stiffer than steel material.
On the other hand, beam web, plate, and bolt hole were used as slave surface (pink),
as shown in Fig. 3. To connect the shear tab with the supporting column web, tie
constraint was used. In this.

constraint, column web was considered as master surface and the shear tab was
considered as slave surface.
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Fig. 3 Interaction used in ABAQUS: master surface (red) and slave surface (pink)

3.4 Boundary Condition

To validate the developed FEM for CST and EST connections, boundary conditions
were applied as the experimental setup [4, 9]. In order to prevent lateral- torsional
buckling, the top flange of the beam was restrained in the experimental test and
this was followed in the FEM as well. For the parametric study, simply supported
beam condition was considered for all FE models. The supporting column had pin
support condition, translational DOFs about X, Y and Z were restrained (U1 = U2

= U3 = 0) at both column ends. The far end of the supported beam had a roller
support condition. To obtain roller support condition at the far end, the center of the
cross-sectional nodes was restrained vertically (U2 = 0) and all the web nodes were
restrained in the lateral direction (U1 = 0). To ensure “plane section remains plane
after bending”, rotational degrees of freedom (UR3 = 0) was also restrained.

3.5 Analysis Type

First, an eigenvalue analysis was performed through linear perturbation buckling
analysis. Corresponding eigenmodes were extracted from each analysis. In each
model, five eigenmodes were requested and obtained. From the eigenvalue analysis,
a suitable pattern of imperfection was obtained and incorporated into the non-linear
analysis. Then, nonlinear buckling analysis was performed using the static RIKS
method in ABAQUS. Static RIKS method is suitable in capturing collapse and post-
buckling behavior. This method is based on the Arc-length method, a form of the
Newton–Raphson iteration method, which uses arc length and load proportionality
factor.
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3.6 Load Application

In this research, a total of two types of loading, bolt pretension, a concentrated
load, were applied. As recommended for ¾ in. A325 bolt in the CISC handbook, a
minimum pretension force of 125 kN was applied in each bolt. Secondly, a concen-
trated load was applied on the top flange of each beam. The concentrated load was
applied as a distributed pressure to avoid any local failure of the flange.

3.7 Geometric Imperfection

Geometric imperfection was applied to all FE models. An imperfection value of
the length of beam/1000 was applied in all FE models. As the lowest eigenvalue
represents critical buckling load and initiates buckling in the FE model, geometric
imperfection was applied to this critical buckling mode [10].

3.8 Residual Stress

Residual stress exists in hot-rolled steel members due to a non-uniform cooling
system during manufacturing. Early yielding can be initiated by this stress and can
affect the overall stiffness and strength of the beam. Therefore, it is essential to
consider the residual stress in finite element analysis. In this research, a standard
pattern of residual stress was followed which was recommended by ECCS Technical
Committee 8 (1984), as presented in Fig. 4.

Fig. 4 Residual stress
pattern recommended by
ECCS (1984)
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Table 1 Details of validated finite element model

Reference Test
name

Bolt Shear tab Supporting
member

Weld to
bolt
distanceLength Thickness Depth Section Span

mm mm mm mm mm

Sherman and
Ghorbanpoor
[9]

4-U 5 293.1 12.7 381 W18 ×
71

6096 255

* 4-U ~ Group 4, Unstiffened Connection

4 Model Validation

4.1 Details of the Validated Specimens

The developed finite element model was validated and compared with the exper-
imental results from the extended shear tab connection tested by Sherman-
Ghorbanpoor [9]. Table 1 presents details of the experimental test. In the FE model,
the A325 bolt having ¾ in. diameter was used in the connection. A36 material was
considered for the shear tab in the experimental tests and ASTMGrade 50 was taken
for the beam section.

4.2 Validation of the Finite Element Model

For the finite element model validation, the shear-displacement curve from the FE
model was compared against the experiment data. As shown in Fig. 5, a good agree-
ment was observed between experimental results and the FE analysis results. Though
the use of tie constraint instead of welding between extended shear tab andweb of the

Fig. 5 Comparison of
analysis with test results of
Sherman and Ghorbanpoor
[9]
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Table 2 Comparison of results between experiment and FE analysis

Reference Test Ultimate load Shear displacement Failure mode

Test FEM Difference Test FEM Difference Test FEM

kN kN % mm mm %

Sherman and
Ghorbanpoor
[9]

4-U 437.9 455.9 4.11 10.77 10.07 6.49 Twist Twist

* 4-U ~ Group 4 Unstiffened in experiment

beamwas time-efficient, it excluded the effect of welding residual stress in the devel-
oped FEmodel. In addition, bolt material was assumed as linear hardening, andmate-
rial for other steel members was assumed as tri-linear hardening after yield stress.
This assumption in the material stress–strain relationship may be different from the
actual stress–strain relation and might be a reason for the small difference between
experiment and FEM results; however, the difference remains within an acceptable
range, less than 10%. The failure mode of FEMwas observed and compared with the
experimental failure mode. Table 2 presents a comparison between the experimental
and FE analysis results.

5 Parametric Study on Shear Tab Connection

5.1 Parametric Test Details

An extensive parametric study was carried out to find out the effect of shear tab
length and thickness on the shear force, shear displacement, and out-of-plane twist.
The top flange of the supported beam was braced along the whole length. This was
to prevent lateral-torsional buckling of the beam. The far ends of the analysed beams
had simply supported conditions. Also, a concentrated load was applied at a one-
meter distance away from the single vertical line of bolts. For this study, only one
single vertical line of bolt configuration was considered. A total of six different types
of bolt configurations, as presented in Table 3, were considered in this study. For all
FE models, the shear tabs had 3-in. pitch and 1.5-in. end and edge distances. Both
conventional and extended shear tabs were made from A36 steel and all beams and
columns were from ASTM Grade 50 steel.

5.2 Variation of Shear Force with Shear Tab Length

The variation of shear force with the distance from weld to first vertical bolt line
(a) is plotted in Figs. 6, 7, and 8 for three different shear tab thicknesses. Total six
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Table 3 The details of shear tab dimension in the FEM

Beam section Number of bolt Dimension of shear tab Distance from
weld to bolt, aDepth, dp Thickness, tp Length, lp

mm mm mm mm

W16 × 36 4 304.8 8 10 12 114.3 190.5
266.7

76.2 152.4
228.6W18 × 40 5 381.0

W21 × 44 6 457.2

W27 × 84 7 533.4

W30 × 90 8 609.6

W33 × 118 9 685.8
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Fig. 6 Variation of shear force with shear tab length (for 8 mm thick shear tab)
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Fig. 7 Variation of shear force with shear tab length (for 10 mm thick shear tab)
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Fig. 8 Variation of shear force with shear tab length (for 12 mm thick shear tab)

types of bolt configurations were considered with an end distance of 38.1 mm and
the center to center bolt spacing of 76.2 mm. For all three shear tab thickness, higher
shear capacity was observed only for eight and nine bolt configurations. However,
the capacity decreased gradually as the shear tab length increased.

5.3 Variation of Twist with the Shear Tab Length

When subjected to gravity loading, CST and EST connections experience in-plane
and out-of-plane displacements. Twisting failure mode was noticed as the length
and depth of the shear tab increased. The amount of torsion was insignificant when
the conventional shear tab was used. But, when the shear tab length was 228.6 mm
(extended shear tab) and the number of bolts was four and five, the amount of twist
was quite significant. Figure 9 shows the variation of shear force and twist in the
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Fig. 10 Variation of shear force with twist (for 9 bolts and 8 mm thick shear tab)

Fig. 11 Twisting failure
mode of EST connected with
column web (left) and EST
itself (right)

shear tab for 4 bolts and shear tabs with 8 mm thickness. Figure 10 shows the shear
force versus twist relation for different shear tabs with 9 bolts. It is observed from
Fig. 10 that the twist is smaller for all shear tabs when they are connected with the
beam with 9 bolts. Twist (ϕ) was obtained from the following Eq. 6. The twisting
failure mode of the shear tab in the EST connection is presented in Fig. 11.

φ =ut − ub
dp

(6)

where Ut is the lateral displacement at the top of the shear tab, Ub is the lateral
displacement at the bottom of the shear tab, and dp is the depth of the shear tab.

5.4 Connection Shear Force-Shear Displacement Curves

The connection shear force-shear displacement curves were obtained from FE anal-
yses for all bolt configurations. Total six types of bolt configurations, as shown in
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Fig. 12 Shear force versus shear displacement (for 9 bolts and 8 mm thick shear tab)

Table 3, were consideredwith an end distance of 38.1mmand the center to center bolt
spacing of 76.2 mm. Figure 12 presents the connection’s shear force-shear displace-
ment curves for 8 mm thick shear tab connected with the column web with 9 bolts. It
is observed from Fig. 12 that the shear displacement for longer shear tab (266.7 mm)
is slightly higher than that for the conventional shear tab with a length of 114.3 mm;
however, the difference is small when the shear tab connection has 9 bolts.

6 Conclusions

A detailed three-dimensional FE model was developed to study the behaviour of
conventional and extended shear tab connections. When compared against experi-
mental results, the developed FE model was able to provide excellent predictions
of behaviour of the extended shear tab connections. With the validated FE model,
a detailed parametric study was conducted. It was observed that the thickness of
the shear tab can increase the shear capacity slightly; however, the higher shear tab
thickness can decrease the out-of-plane displacement of the shear tab connection.
Also, the length of the shear tab for the EST connection has a great influence on
the shear displacement and twist of the shear tab connection. Another important
finding from this research was that the shear capacity was high when the shear tab
had a higher depth. Thus, shear tab connections with eight and nine bolts showed
higher shear strength in comparison to other bolt configurations with smaller shear
tab depth. Also, a twisting mode of failure was observed for the EST connections.
The amount of torsion was insignificant when the conventional shear tab was used.
In the conventional shear tab connection, the failure was initiated by bolt fracture,
plate bearing, and bolt bearing. Twisting in shear tabs should be prevented in design
so that the supported beam can reach its flexural capacity before any twisting failure
occurs in the shear tab connections. Research is currently in progress to investigate
effective means of preventing the twisting failure of extender shear tab connections.
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Behavior of Steel I-Beams Reinforced
While Under Load

Masoud Mohammadzadeh and Anjan Bhowmick

1 Introduction

Reinforcing existing steel beams is often unavoidable due to the change of the primary
function of the structure or additional applied loads. Replacement of the beams
is more expensive and time-consuming which can be avoided by reinforcing and
increasing their capacity. On the other hand, beams that require strengthening often
are in service and complete relieving of their loads is not either possible or not
economical. Thus, steel beams may need to be reinforced while under load. The
main objective of reinforcing a steel beam is to increase stiffness and strength of
the reinforced beam or to change the structural behavior and failure mode of the
reinforced beam. When the bottom flange of the steel I-beam is easily accessible,
the most economical option is to weld a cover plate to the bottom flange. The design
procedure generally involves selecting a cover-plate that can resist the additional
factored moment applied in the beam. While the current practice is simple, it is not
clear how the reinforced beam will behave if locked-in stresses due to service loads
are present during the reinforcement. Very limited research is currently available on
behaviour of steel beam reinforced while there are subjected to load.

Research on steel beams reinforced with welded steel plates while under load
is very limited. Liu and Gannon [9] first studied the behavior of the steel beams
reinforced under load by conducting tests on steel I-beams reinforced with welded
cover plates. Two different reinforcing patterns, one where a plate was welded to
the bottom flange of the beam section along its length (pattern A) and the other
where two plates were welded against tips of the flanges of the beam section along
its length (pattern B), were considered and the specimens were tested for different
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preload levels. It was observed that increasing the preload resulted in a decrease
in lateral-torsional buckling strength for beams with pattern A reinforcement (plate
welded to the bottom flange) than the same specimen strengthened under no preload.

It was also reported that the variation of the preload level has an insignificant effect
on the ultimate resistance of beams with flexural yielding failure. Furthermore, Liu
andGannon [9] continued their investigation by conducting parametric studies on the
effects of the preload magnitude, initial imperfection, length of cover-plate, the span
of the beam and lateral restraint on the reinforcement of the steel beams. Similar to
the experimental results, in their numerical study, a reduction of resistance of beams
with lateral-torsional buckling failure by increasing preload was indicated for beams
with type A reinforcement. [12] conducted a detailed experimental investigation on
the I-steel beams reinforced while under load by welding cover-plates on the top and
bottom flanges. In their research, the procedures of reinforcement, preloading and
welding of reinforcing plate and its effects were studied. Three reinforced I-beams
with the preload level 0, 37% and 74% of the unreinforced beam capacity were
investigated. It was reported that for the beam with the 37% preload level, the failure
was lateral-torsional buckling and the ultimate capacity reduced comparing with the
capacity of the reinforcedbeamwithout preloading.However, for the reinforcedbeam
with the 74% preloading level, the ultimate capacity increased. The failure mode for
this beam was flange local buckling. Thus, no clear and definable relationship was
obtained between the preload and strength of reinforced beam from the study of [12].

Often there is a difference between the steel grades of the existing beam and the
reinforcing cover-plate. Beams in many existing structures are often of lower grade
steel than themodern steel used for reinforcement. To the best of authors’ knowledge,
no study is currently available on steel beam reinforced with cover plate of different
grade. Also, effect of different welding residual stress on the strength and behaviour
of beam reinforced under load is currently not available. In this paper, behaviour of
simply supported steel I-beams reinforced with a welded cover-plate at the bottom
flange is studied. In addition, effects of preloading, initial and welding residual stress
and steel grades of the reinforcing plate are studied.

2 Finite Element Analysis of Reinforced Steel I-Beams

A finite element model of a reinforced I-section steel beam was developed using
the commercial finite element software Abaqus. Reinforcing was done by adding a
cover plate to the bottom flange of a simply supported I-beam.

2.1 Development of Finite Element Model

The developed finite element model consists of four different parts: a base beam that
is a build-up I-section, a reinforcing cover-plate, a duplicate of reinforcing plate with
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zero stiffness and a rigid beam connector. The base beam, reinforcing plate and its
duplicate were constructed using shell element S4R. S4R is a 4-node doubly curved
general-purpose shell element with reduced integration, finite membrane strains and
6 active degrees of freedom. Two-node rigid beam connectors were used to model
the welding joints between the base beam and the duplicate of the reinforcing plate.
One end of each connecter connected to the beam at the bottom flange tip weld
location and the other one was connected to the duplicate of the reinforcing plate.
The incorporated rigid beam connector element has 6 active degrees of freedom for
each node and imposes kinematic constraints between the nodes. Usually, beam is
reinforced when there is some preloading in the beam. Therefore, the reinforcing
plate will be active after the preload is applied in the FEM. Since the cover plate can
not be modeled within the analysis step, a similar effect can be obtained by creating
its elements in the definition of the model, removing them in the first loading step
and reactivating them, subsequently. However, during the reactivation, because of
the preloading and related displacements, the new configuration of the beam will be
different from the original one specified in the definition of themodel. For the nodes of
reinforcing plates to be in the correct position while reactivation, these nodes shared
with the nodes of the reinforcing plate duplicate using tie interaction. The duplicate
of the reinforcing plate was not removed during the analysis and its material property
and thickness were assigned in a way that did not affect the solution of the reinforced
beam, as well as did not cause numerical problems. Surface to surface contact, hard
contact in normal direction and penalty in the tangential direction, was incorporated
between the bottom flange and duplicate of the reinforcing plate.

The finite element model for the I-section had 40 elements for the depth of the
web and 12 elements for the width of the flanges. The mesh size in the longitudinal
direction of the beamwas based on keeping the aspect ratio of shell elements smaller
than 2.0. In this investigation, isotropic steel material with amulti-linear stress–strain
curve for the base beam and reinforcing plate was used. The tangent stiffness in the
yield plateau region was 0.001E up to εsh = 10εy , where εsh is the strain-hardening
strain and εy is the yield strain of the material, respectively. From this strain up to the
strength of strain hardening, a constant strain-hardening modulus equal to 2% E is
used [8]. The modulus of elasticity and poison ratio were assumed as 200,000 MPa
and 0.3, respectively.

Initial residual stresses of the beam section were applied in the form of initial
stress in Abaqus. These residual stresses were introduced as uniform stresses on
each element of the beam section in the first step of the analysis. Initial residual
stresses of reinforcing cover plate along with residual stresses induced from welding
cover plate to the beam sectionwere introduced by applying longitudinal temperature
gradient. The initial temperature field of the structurewas taken as zero and expansion
coefficient in the longitudinal direction for steel material was considered as 1.17 ×
10−5/°C. This coefficient was taken as zero in transverse and through the thickness
direction. Desired residual stresses were introduced by changing the temperature on
each node using “Eq. 1”.
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σ = −E .α.�T (1)

In this equation, σ is longitudinal residual stress, E is the elasticmodulus of elasticity,
α is expansion coefficient and �T is the temperature gradient.

In this study, straight I- beam was subjected to four-point loading. Concentrated
loads were applied at one- third of the beam length. Also, transverse stiffeners were
attached at the bearing and concentrated load locations. The considered failures
were flexural yielding of flange, elastic and nonlinear lateral-torsional buckling. The
beam was simply supported in-plane and out-out-plane, while lateral braces were
provided in the load locations at the top and bottom flanges for the flexural yielding
failure. To impose the simply supported boundary conditions, transverse and vertical
displacements were restrained at both ends while longitudinal displacement was
restrained at just one end of the beam. In addition, transverse displacement was
restrained along both sides of transverse stiffeners tips at the support locations. For
this study, the considered cross-section of the beamwas a compact section. Therefore,
just flange sweepwas considered as the initial geometrical imperfection.Web out-of-
flatness and flange tilt were not incorporated in this study. For the beams reinforced
while under load, there are three sources of imperfections: (1) imperfection from
the fabrication and erection of the base beam (δi), (2) weld shrinkage deformation,
induced from welding of reinforcing plate under load (δw), and (3) the last one is
P − δ deformations induced from the preloading of the base beam (δ I ). Based on
the American Welding Society [2] limitation/tolerance for the repairing of existing
structures, δi+δw should be smaller than Lb/1000 regardless of the welding process
and preloading level, inwhichLb is the unbraced length of the beam. Therefore, as the
geometrical imperfection magnitude, Lb/1000 was used and applied at the mid-point
of unbraced length at the compression flange in the first step of the loading. In order
to analyze the unreinforced beam, initial residual stresses of the beam along with the
geometrical imperfectionwere applied at thefirst loading step.Then, the concentrated
loads were applied through modified Riks analysis to follow the equilibrium path of
the beam. To analyze the reinforced beams, the following steps were considered:

1. All components of the beam and reinforcing plates were modeled. In order
to avoid interaction between the base beam and the reinforcing plate while
applying initial residual stresses of the beam and preloading, all elements of the
reinforcing plate were deactivated. Initial residual stresses of the beam along
with the initial geometrical imperfection were incorporated into the beam.

2. For the beams reinforced while under-load, four preloading levels, 0%, 20%,
40% and 60% of unreinforced beam strength, were considered in this study.

3. All elements of the reinforcing plate were reactivated in the strain-free mode.
4. Initial residual stresses of the reinforcing plate were applied using temperature

gradient.
5. Residual stresses induced from welding the reinforcing plate to the beam were

introducedby changing the temperature at the tips of the bottomflange and corre-
sponding locations of the reinforcing plate. The temperature in these locations
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Fig. 1 Details of developed finite element model and schematic view of the reinforced I-beam

was changed to reach 70% or 100%material yield strain and a self-equilibrating
residual stress pattern was developed in the reinforced beam.

6. The reinforced beam was further loaded until it reached failure.

Nonlinear static analysis was carried out for all steps from 1 to 5. For the loading
step 6, the modified Riks method was incorporated. Details of developed FEM along
with the schematic view of the reinforced I-beam are presented in Fig. 1.

2.2 Validation of Finite Element Model

Liu and Gannon [9] conducted a 4-point bending test on simply supported beam
reinforced by welding a reinforcing plate at the bottom flange of the beam. The
beam cross-section was W310 × 28 with an unbraced length of 2.4 m and the
nominal dimension of the reinforcing plate was PL 2304× 137× 9.5. Three preload
levels with magnitudes of 0 (without preload), 50 kN and 100 kN were considered
and named as A1, A2, and A3 in their study. The yield stress, Fy, for steel beam
and the reinforcing plate was 374 MPa and 346 MPa, respectively. Initial residual
stress distributions for the beam and combined residual stresses of hot rolling and
welding for reinforced beams and reinforcing plate were experimentally determined
[9]. In their experimental work, the initial imperfection of the unreinforced beams
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Fig. 2 Validation of FEM for specimens tested by Liu and Gannon [9]

was not reported. Liu and Gannon [9] also developed a FE model and verified their
tests. In their numerical study, it was stated that predicting the imperfection of the
beams after welding the reinforcement is complicated since it is a function of various
uncontrolled factors. Therefore, the initial imperfection in the numerical model was
adjusted such a way that top flange deflections after applying preload and welding
reinforcement became approximately equal to the experimentally measured imper-
fection after reinforcement. In this paper, to verify the overall simulating procedures,
samples A2, with 50kN preloading, and A3, with 100kN preloading, were modeled
and load-lateral deflection of top flange midpoint at the mid-span of these tests are
compared with the experimental and finite element results of the Liu and Gannon [9]
which is shown in Fig. 2. In the modeling, experimentally measured values for the
residual stresses were used. Also, to apply the geometrical imperfection, a procedure
similar to the FE model of Liu and Gannon [9] was used. It can be observed from
Fig. 2 that the current FE is capable of predicting the overall behavior, buckling and
ultimate capacities of the reinforced beams while under load. Furthermore, failure
modes of the current FE models were nonlinear lateral torsion buckling, as observed
during the tests.

Currently in the literature, no specific welding residual stress pattern is available
for steel beams reinforcedwith awelded cover-plate at the bottomflange. In this study,
as an alternative, welding residual stresses were achieved by applying 70% or 100%
yielding strength of steel at the bottom flange tips and the corresponding location
of the reinforcing plate. This is consistent with the study by [3] on steel column
reinforced with welded cover plate. The resulting residual stress pattern would be
the combination of initial and welding residual stresses. To validate the accuracy
of this method, it was incorporated into numerical modeling of residual stresses of
the sample A1, reinforced beam without preloading, and obtained residual stresses
from this approach were compared with the experimentally measured ones. Figure 3
shows that the magnitude and distribution of the achieved residual stresses correlates
very well with the experimentally measured pattern and can be used in the numerical
modeling.
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Fig. 3 Validation of welding residual stress application in FEM [9]

3 Parametric Studies

The validated FE model was used to conduct a parametric study to investigate the
effects of important parameters such as initial residual stress distributions andmagni-
tudes, welding residual stress, preloading level andmaterial grade difference between
the I-beam and the reinforcing plate on the strength and behaviour of I-beam rein-
forced with a cover plate at the bottom flange. The flange size of the beam cross-
section was 300 mm × 20 mm (b f × t f ), with the web size of 760 mm × 11 mm
(D × tw). Also, a plate with the size of 350 mm × 25 mm (wcp × tcp) was used to
reinforce the cross-section. Based on the Canadian steel design standard (CAN/CSA
S16-14), the flange is class 1 and the web is class 2 for this section. The parametric
studies conducted for the beams with three different unbraced lengths 2 m (Stocky),
6 m (Intermediate) and 9 m (Slender) with the expected failure modes; cross-section
yielding, inelastic LTB and elastic LTB, respectively (Fig. 1).

3.1 Effect of Preload Magnitude

In order to study the effect of preloading on the behavior of beams reinforced while
under-load, four levels of preloading; 0% (CP-NPL), 20% (CP-20% Preload), 40%
(CP-40% Preload), 60% (CP-60% Preload), of the unreinforced beam capacity were
considered. Moment-lateral deflection diagrams for top flange at the mid-span of
the beams are depicted in Fig. 4 for different preloading levels. These diagrams are
for stocky, intermediate and slender beams with the Best-Fit initial residual stress
(Shown in Fig. 5) and 100% yielding strength as welding residual stress.

As shown in Fig. 4, adding a cover-plate to the bottomflange increases the stiffness
and ultimate capacities of I-beams regardless of preloading level. Furthermore, it can
be seen that preloading does not have a significant effect on the behavior and ultimate
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Fig. 4 Moment- top flange lateral deflection at the mid span under various preload level

Fig. 5 Initial residual stress patterns for I-beam and cover plate

capacity of beams with yielding failure mode. However, the presence of preloading
changes the behavior of the beams with elastic and nonlinear LTB failure modes. For
the nonlinear LTB, the buckling and ultimate capacities decrease with an increase in
the preload magnitude. For the beams with elastic LTB, the presence of preloading
has a significant effect on the buckling behavior of the reinforced beam and reduces
the buckling capacity. However, post-buckling capacity compensates the reduction;
and the beam with preloading reaches its full capacity but in a very large deflection.
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3.2 Effect of Initial Residual Stress

In order to study the effects of initial residual stress on the beams reinforced under
load, four commonly used patterns for the welded I-sections, Best-Fit Prawel [8],
ECCS [7], Chacon [5], and Flame-Cut (Chernenko and Kennedy 1991) and one
pattern for the reinforcing cover plate (Wu and Grondin 2002) were considered. The
selected residual stresses and shown in Fig. 5.

Table 1 presents ultimate capacities of beams with different initial residual stress
patterns. Based on the results in Table 1, reinforcing by adding cover-plate increases
the ultimate capacities. The average capacity increase is 12.44%, 29.3%, and 53.7%
for stocky, intermediate and slender beams, respectively. In the stocky beams, the
maximum amount of capacity increase is 14.31%, which happens in the beam
with Chacon initial residual stress. Furthermore, the minimum amount of capacity
increase, 10.4%, in these beams happens for the ‘ECCS’ initial residual stress. For
intermediate beams, the maximum capacity increase is 30.85% which happens for
the flame cut initial residual stress. In addition, for intermediate beams the minimum
capacity increase is 27.5%, happens in Chacon initial residual stress. For the longer
span, the capacity increase for all types of the initial residual stress is very close.

The effect of initial residual stress pattern on the strength and behaviour of the
beams reinforced while under load is presented in Fig. 6. In this Figure, parameter β

is the ratio of beam ultimate capacity under considered preloading level to the beam
ultimate capacity without preloading. For the selected beams, the welding residual
stress at the welding location was 100% yielding strength (Fy) and the varying
parameters were the initial residual stress patterns and preloading level. As observed
from Fig. 6, initial residual stress plays a negligible role in the capacity reduction of

Table 1 Ultimate capacities of reinforced beams for different initial residual stresses (with no
preloading)

I-Beams Patterns Capacity (kN.m) Capacity increase (%)

Unreinforced Reinforced

Stocky (2 m
unbraced beam)

Best Fit, Fy 2112.66 2393.46 13.3

Flame Cut, Fy 2137.5 2372.94 11.01

ECCS, Fy 2100.42 2318.76 10.4

Chacon, Fy 2125.31 2429.46 14.31

Intermediate (6 m
unbraced beam)

Best Fit, Fy 1035.44 1338.32 29.29

Flame Cut, Fy 1085 1419.74 30.85

ECCS, Fy 991.44 1288.04 29.61

Chacon, Fy 1075.5 1371.24 27.5

Slender (9 m
unbraced beam)

Best Fit, Fy 675.95 1042.57 54.24

Flame Cut, Fy 715.64 1070.55 49.6

ECCS, Fy 670 1031.06 53.9

Chacon, Fy 694.31 1065.12 53.41
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Fig. 6 Effect of the initial residual stress on the capacity reduction of beams reinforced under load

stocky and slender beams since the reduction of capacity is negligible or equal for
the considered patterns. However, in the intermediate beams, the capacity reduction
is different for the patterns and increases by increasing the preload level but with a
different rate. In these beams, the capacity is reduced up to 5% for the beams with
60% of preloading. It is also observed that the minimum capacity reduction is for
‘Chacon’ initial residual stress pattern and the maximum capacity reduction is for
the ‘ECCS’ initial residual stress pattern.

3.3 Effect of Welding Residual Stress

Welding residual stress of two different magnitudes, 100% and 70% of yielding
strength of steel material, at the location of welding were considered to study the
effects of residual stresses induced from welding the cover-plate to the bottom
flange of I-beams.When investigating the effect of welding residual stress, the initial
residual stress was Best-Fit residual stress. It was observed that the differences in
the capacities for the two different welding residual stresses are negligibly small.
Ultimate capacities of the intermediate beams for different welding residual stresses
and with no preloading are presented in Table 2.

Also, for the two selected welding residual stresses, the capacity reduction for
the beams is approximately equal when the preload is applied. The effect of welding
residual stress on the capacity reduction of the intermediate beams reinforced while
under load is presented in Fig. 7. Therefore, welding residual stress does not a have
significant effect on the capacity reduction of the reinforced beams while under load.

Table 2 Effect of welding residual stress on capacity of intermediate reinforced beams (with no
preload)

Beams Patterns Flexural capacity (kN·m) Capacity increase (%)

Unreinforced Reinforced

Intermediate (6 m
unbraced beam)

Best Fit, Fy 1035.44 1338.32 29.29

Best Fit, 0.7Fy 1035.44 1338.12 29.23



Behavior of Steel I-Beams Reinforced While Under Load 77

Fig. 7 Effect of the welding residual stress on the capacity reduction of intermediate beams
reinforced while under load

3.4 Effect of Difference in Steel Grade Between I-Beam
and Cover Plate (Hybrid Material)

To study the effect of difference in steel grade between I-beam and cover plate on
the behavior of beams reinforced with welded cover plates, a different steel material,
A36, with a yield strength (Fy) of 250 MPa and ultimate strength (Fu) of 400 MPa
for the I-beams was considered. Also, for the reinforcing plate, Fy and Fu were 345
MPa and 450 MPa, respectively. The initial residual stress was Best-Fit and welding
residual stress magnitude was 100% of the yield strength. Based on the results, it was
observed that the overall behavior of hybrid and non-hybrid beams reinforced while
under load were similar. Table 3 compares the capacities of hybrid and non-hybrid
intermediate reinforced beams with no preloading. It should be noted that for both
cases the yield strength for the cover-plate was 345 MPa.

The capacity increase for the hybrid and non-hybrid stocky beams is 18.5% and
13.3%, respectively. Also, the increase in capacity for hybrid and non-hybrid inter-
mediate beams is 31.8% and 29.25%, respectively. Furthermore, for hybrid slender
beams, the capacity increase is 53.13%, while for non-hybrid slender beams, it is
54.24%. It can be concluded that using higher strength material for cover-plate will

Table 3 Capacities of hybrid and non-hybrid intermediate reinforced beams with no preloading

Beams Fy; base I-beam Fy;
cover-plate

Capacity
unreinforced

Capacity
reinforced

Increase
(%)

Stocky Hybrid 250 345 1552.66 1839.97 18.5

Non-Hybrid 345 345 2112.66 2393.46 13.3

Intermediate Hybrid 250 345 860.87 1134.62 31.8

Non-Hybrid 345 345 1035.44 1338.32 29.25

Slender Hybrid 250 345 605.84 927.73 53.13

Non-Hybrid 345 345 675.95 1042.57 54.24
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(a) (b)

Fig. 8 a) Moment-lateral deflection; b) Reduction of capacity for intermediate hybrid beams.

not have a significant effect on the capacity increase for the slender and interme-
diate beams. The capacity increase is more in the stocky beams reinforced with high
strength cover-plate.

The selected hybrid and non-hybrid sections were analysed for 0%, 20%, 40%.
and 60% preloading levels. It was observed that the decrease in flexural capacity for
the hybrid and non-hybrid stocky and slender steel beams was insignificant under
various preloading levers, less than 2% reduction of capacity for 60% preloading
level. Figure 8 presents moment-lateral deflection curves for the top flange of the
intermediate hybrid beams for different preloading conditions. No significant differ-
ence was observed between different preload levels. Figure 8 also shows that for the
intermediate beams the reduction of the ultimate capacity is close for both hybrid
and non-hybrid steel beams and the capacity reduction is under 5%.

4 Conclusion

A numerical study was conducted to investigate the effects of preloading, initial and
welding residual stresses and steel grade on the behavior of steel I-beams reinforced
by welding a cover plate to the bottom flange. The following results are drawn from
this investigation:

– Preloading did not have a significant effect on the behavior and ultimate capacity
of beams with flexural yielding failure mode. However, preloading had some
effect on the behavior of beams with linear and nonlinear LTB failure modes.
For the nonlinear LTB, the buckling and ultimate capacities decreased when the
preload magnitude was increased. Reduction of the buckling capacity was more
than the ultimate capacity reduction. The reduction of ultimate capacities was
smaller than 5% for a preload of up to 60% strength of the unreinforced beam.
For slender beams, the presence of preloading changed the buckling behavior of
the reinforced beams and reduced the buckling capacity.



Behavior of Steel I-Beams Reinforced While Under Load 79

– Initial residual stress played a negligible role in the capacity reduction of I-beams
withflexural yielding and linearLTBfailures.However, the capacity reductionwas
different for different initial residual stress patterns and the difference increased
with an increase in the preload level in the I-beams with nonlinear LTB failure.

– Variation of the maximum welding residual stress from 70% up to 100% yielding
strength of the material did not change the capacity and behavior of I-beams
reinforced while under load.

– Using higher strength material for welded cover-plate did not have a significant
effect on the capacity increase for the beams with linear and nonlinear LTB fail-
ures. For the beams with flexural yielding failure, using a cover-plate with higher
strength, the capacity increase was more in comparision to the case when both
the base beam and the cover-plate were of same steel grade. Also, steel grade did
not have any signifcant effect on the capacity reduction of the beams reinforced
while under load.
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Origami Enabled Pill-Bug Inspired
Tuned-Mass Dampers

A. C. Baruah and A. C. Sychterz

1 Introduction

Adaptive structures can alter their form, configuration, and properties based on envi-
ronmental conditions. Deployability of such structures has found application in the
field of civil engineering for bridges, roof systems [1], and emergency infrastruc-
ture [28]. Deployable structures provide an appealing solution for aerospace [29]
and extra-terrestrial [23, 26] applications. Dynamic characterization of structures
[22] presents computational challenges due to large changes in shape, and therefore
geometric compatibility requirements result in non-linear behavior [15]. This limits
the application of classical finite element approaches.

Origami, the ancient art of paper folding, has inspired engineering devices and
structures over the past few decades. Applications include deployable solar panels
[24, 39], sandwich panel cores [3, 30], self-deployable stent-grafts [20], and config-
urable metamaterials [32]. The concepts of origami have been applied for the devel-
opment of different self-folding structures [27], that can fold and/or unfold without
any external manipulation. Significant contributions by Tachi and Miura towards
cellular origami have led to the development of fold patterns named after them. The
theory behind flat-foldable origami [16] has extended towards understanding the
geometry of rigid-foldable origami [38] and the kinematics of folded metamaterials
[31]. Kinematic analysis of origami by modeling the creases as hinges and panels
as rigid links were successful in providing insight into the rigid foldability of crease
patterns [21]. A similar approach using bar and hinge models was studied by [11–
13] and [23] for the analysis of scalable origami structures. However, the fabrication,
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testing, and analysis of adaptive deployable origami for civil infrastructure are yet
to be achieved.

Tuned-mass dampers (TMDs) are oscillators mounted on a structure to reduce
the dynamic response of the structure by absorbing kinetic energy from the system.
The concept of multiple TMDs, with natural frequencies distributed over a frequency
range, is used to analyze their vibration control capabilities for structures subjected
to wide-band input [17]. Recent work includes studies conducted on the control
of structural response under seismic loading [2], including active and semi-active
vibration control methods [14]. The large mass of conventional TMDs limits its
application for lightweight structures and systems with compliant members.

Biomimetics is the study and development of syntheticmechanisms thatmimic the
structure or functionality of biological organisms. The adaptation of natural confor-
mations to engineering applications is leading to profound changes in the design
of structural systems. Enabled by origami techniques for deformability, biomimetic
structures can provide novel solutions to practical engineering challenges in terms
of sustainability.

Dynamic relaxation method proposed by Otter [25] and Day [8], provides a suit-
able approach for form-finding and analysis of structures with a high degree of struc-
tural non-linearity [7]. It is a vector-based pseudo-dynamic analysis that does not
require matrix inversion and results in a static solution. [4, 5] modified the method to
include kinetic damping and to improve convergence. Thismethod has also been used
to simulate the behavior of adaptive structures [9, 10, 18, 19, 34]. However, the geom-
etry of the origami-enabled pill-bug tuned-mass damper (OPB-TMD) introduces
novel challenges to the dynamic relaxation method because of complex kinematic
degrees of freedom at its different stages of curling.

The paper provides a comparison of theDRmodel with the finite elementmodel in
addition to experimental data for theOPB-TMD.Aprogram called SOFiSTiK is used
to develop the finite element model for dynamic analysis of the OPB-TMD structure.
A 3D-printed model comprising of hard polymer panels and flexible rubber hinges is
used for the experimental study of the cable-actuated structure. The research focuses
on a differential stiffness mechanism for the adaptive TMD capable of altering its
shape in response to seismic loads. An overview of the simulated origami structure
is provided and is followed by the results of the preliminary experimental study. This
is used to validate the results from the DRmodel for dynamic characterization of the
OPB-TMD and its behavior at different configurations.

2 Structural Description

Origami-enabled Pill-Bug Tuned Mass Damper (OPB-TMD) is inspired by the
morphological characteristics of the pill-bug (Armadillidiidae), a species of
woodlice. The pill-bug rolls its body into a ball shape, a process called conglo-
bation, when triggered by stimuli as shown in Fig. 1. This ability to roll into a ball
serves as the basis for the design of the adaptive OPB-TMD structure.
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Fig. 1 Rolling of a pill-bug (Armadillidiidae) in response to external stimulus

(a) Inctive state      (b) Active state 

Fig. 2 OPB-TMD structure in active and inactive state

The OPB-TMDwill initially be in an inactive unrolled state as shown in Fig. 2(a).
The spring stiffness in this configuration is high (khigh) and the system behaves as a
rigid body with the base structure. In the curled state as shown in Fig. 2(b), the spring
stiffness value is low (klow). Thus, the OPB-TMD reacts to the inertial response in
the base structure and provides attenuation for vibrations.

3 Simulation of Origami Pill-Bug Tuned-Mass Damper
Structure

A module of the OPB-TMD structure is shown in Fig. 3 depicting different element
and fold types. Fold lines are categorized into mountain, valley, side, and ridge fold.
Four-node five-bar, N4B5,model is used for each rectangular panel of theOPB-TMD
structure. Panels are modeled with a diagonal element to allow for panel bending
and non-rigid foldability [31].

The structure shown in Fig. 4(a) is a five-module OPB-TMD topology. A partially
folded configuration of the structure is used as the base model with an overall width
of 15.0 cm and length of 16.2 cm. The OPB-TMD structure is laterally restrained in
the x, y, and z-direction at Node 1 and Node 16 as shown in Fig. 4(b). Nodes 2–7,
9, 11, 13, 15, 17–22, 24, 26, 28 & 30 are restrained in the y-direction to facilitate
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Fig. 3 A module of the OPB-TMD structure showing different element and fold types. N4B5 bar
and hinge model is used for the rectangular panels

(a) (b)

Fig. 4 Five-OPB-TMD structure in partially folded configuration detailing (a) fold-lines and node
numbers, (b) support conditions and actuator locations

the target folding pattern. Actuators are located at the base of each valley fold as
shown in Fig. 4(b) with thick black lines, connecting Nodes 8 through 14 and Nodes
23 through 29. The structure is actuated in the x-direction as shown in Fig. 4. Nodal
displacement at Node 6 and 21 are further used for comparison.

The structure is actuated using continuous cables [37] and the degree of curing
of the OPB-TMD can be controlled by varying the length of these actuation cables.
The actuation is carried out at a slow and constant rate where the inertial effects
due to actuation are negligible. Simulation of the structure is assumed to have reach
static equilibrium at each step of the deployment process. A dynamic relaxation
formulation is used for quasi-static analysis, and a finite element model is used for
the dynamic analysis of the OPB-TMD structure.

3.1 Simulation Using Dynamic Relaxation Method

Anewmodulewithin the dynamic relaxation (DR)method developed for the actuated
Miura-Ori origami structure successfully characterizes origami hinge stiffness and
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is suitable for application in iterative actuation algorithms for large structures [35]. It
is a pseudo-dynamic analysis that includes fictitious inertia and damping terms. An
augmented equation of motion is used to determine a new static equilibrium of the
artificially damped structure. The DRmodule is capable of handling cable friction in
the structure [6]. Characterization of folding and bending stiffness in origami within
the dynamic relaxation methods is applied to the origami pill-bug.

Preliminary study to determine the folding stiffness (KF) and bending stiffness
(KB) has been conducted for the OPB-TMD structure [11] as shown in Table 1. To
simplify the design, the folding stiffness (KF) for the valley and mountain folds as
shown in Fig. 3, were assigned to be equal. Since the model is restrained at 11 nodes
at each side of the model, the desired folding pattern could be achieved by using the
same folding stiffness for the side folds. A stiffness ratio of KF/KB = 0.1 [31] was
found to be suitable for the study [35]. The partially folded five-module N4B5model
serves as the base model for simulation. Material properties and stiffness values for
the OPB-TMD model are listed in Table 1.

Figure 5 shows the OPB-TMD structure at its initial unrolled and final rolled
configuration from the modified DR method. The blue dashed line corresponds to
the unfolded state, and the solid black line represents the rolled state of the OPB-
TMD. The dimensions of the reference axis in global x, y and z direction are given in
cm. The nodal position of Node 6 and Node 21 is used to determine the length of the
structure. As shown in Fig. 5, the length of the structure changes from 18.9 cm for
the unrolled (inactive) configuration to 12.5 cm for the rolled (active) configuration.
Thus, the length of the structure decreases by 6.4 cm (33.9%) between these two
configurations. Curling and/or flattening of the model is achieved by controlling the
length of the actuator cable.

3.2 Simulation Using Finite Element Method

A finite-element (FE) program called [33] is used to model the elements of the OPB-
TMD structure. To account for folding and bending stiffnesses in the FE model,
rotational springs are assigned at the nodes of the structure. The in-plane stretching

Table 1 Properties for the
OPB-TMD model and
associated values

Properties

Thickness, t 0.39 (mm)

Young’s Modulus, E 11 (GPa)

Density, γ 1201 (kg/m3)

Poisson’s Ratio, ν 0.2 –-

Bending Stiffness, KB 94.4 (N/mm)

Folding Stiffness, KF 9.4 (N/mm)
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Fig. 5 Initial unrolled (dashed blue line) and final rolled configuration (solid black line) of the
OPB-TMD structure from DR method

and shearing of the rectangular panels are approximated with a series of rotational
springs at the end nodes of the diagonal elements.

Rotational springwith stiffness KF/2 acting about the local y-axis of the element is
assigned at end nodes of each valley and mountain fold. Torsional moment about the
local x-axis is released. Moment about the local z-axis is also released at both the end
nodes. To approximate the effect of panel bending, rotational stiffness is provided
at the end nodes of the diagonal elements. The effective stiffness towards bending
of the panel face is calculated as KB, [11]. Springs with rotational stiffness of KB/2,
acting about the local y-axis, are assigned at the nodes. Torsion about the local x-
axis is neglected and rotational moment is released about the local z-direction of the
diagonal element. Thismodel is used to validate the unrolled and rolled configuration
of the OPB-TMD structure obtained from DR method.

The first 6 frequencies represents the free kinematic modes, allowing for rigid-
foldability of the structure [11]. The four subsequent frequencies correspond to the
structural modes for the OPB-TMD and are tabulated in Table 2.

Table 2 Structural modes
and corresponding
frequencies for the
OPB-TMD model

Structural mode Frequency (Hz)

1 3.99

2 5.08

3 7.56

4 13.45



Origami Enabled Pill-Bug Inspired Tuned-Mass Dampers 87

4 Experimental Study

This section describes the experimental structure and setup for the study. A bar is
fixed to the base table and the model is attached to the bar at one side as shown in
Fig. 6. The actuator cables pass over a pulley mounted on a clamp. These are secured
to the base table using a T-slotted rail and two corner brackets. For measurement, a
black and white checkerboard with one-inch squares was used. This is to measure
the structural displacement due to actuation as well as for future image detection
algorithms for precise measurements.

As shown in Fig. 6, the preliminarymodel for the experimental study ismade from
a dense poster board material with a thickness of 0.39 mm. The material properties
for the OPB-TMD model are listed in Table 1. The folding stiffness at the side folds
is increased by reinforcing them with cellophane tape to attain the target folding
pattern.

Figure 7 shows a 3D model of the OPB-TMD was printed using the Stratasys
Object500 3D printer for better experimental results. The 3D model consists of hard
polymer material called VeroYellow-V with a yield strength of 65 MPa to represent
the rectangular panels and their panel-bending stiffness. To represent the fold lines,
the flexible rubber hinges are printed using Agilus, which has a yield strength of
2.5 MPa. The thickness of the rubber hinges governs the stiffness of the fold and
accounts for variable stiffness in the model.

The experimental model is actuated by suspending weights on a bar. For uniform
actuation on either side, both actuating cables are connected to the same bar. Weights
are incrementally applied in steps from 10 to 100 g. Actuation is carried out at a slow
and steady rate to avoid inertial effects. The test results are recorded by using a
camera, mounted on top of the experimental setup for minimal image and/or video
distortion and accurate measurements.

Fig. 6 Setup for experimental study of the five-module OPB-TMD structure
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(a) Inactive (flat) (b) Active (Rolled)

Fig. 7. 3D printed model of the five-module OPB-TMD structure for experimental study

5 Results and Comparison

Validation of the new module in DR was completed using FE simulation. To account
for folding and bending, equivalent rotational spring definitions are compared
between DR and FE simulation in the static domain. A comparison between the
simulation results from DR and the experimental data is also presented for the OPB-
TMD. The actuation of the structure in the longitudinal direction is mostly linear and
does not show any significant pitch. The change in length of the structure is hence
calculated as the average displacement of Node 6 and 21 between the initial uncurled
and the final curled configuration of the five-module OPB-TMD model.

As shown in Table 3, the results from the DR simulation and the experimental
model are compared. The difference in the initial unrolled length and the final rolled
length for the two models is calculated to be 2.1% and 1.6% respectively. The
percentage change in the length of the structure for the simulated and experimental
results vary by only 0.4%. The effects of joint and cable friction are not signif-
icant considering the size of the model. The panels remain mostly planar during
the curling process and limit non-rigid folding effects on the structure. Therefore,
the form-finding model using the modified DR method gives satisfactory results for
characterizing the behavior of the five-module OPB-TMD model.

Table 3 Comparison of the percentage change in structural length for simulated and experimental
results

Simulated (dynamic
relaxation)

Experimental Difference (%)

Initial unrolled length (cm) 18.9 18.5 2.1

Final rolled length (cm) 12.5 12.3 1.6

Change in structural length (%) 33.9 33.5
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6 Conclusion

The dynamic relaxationwith the newmodule for origami joint stiffness is a successful
method to solve for quasi-static form-finding of the origami pill-bug tuned-mass
damper (OPB-TMD). The variable stiffness model provides an accurate represen-
tation of the actual structure and achieves the target folding pattern. A comparison
between the simulated and experimental results provides a useful starting point for
characterizing the dynamic behavior and kinematic properties of the OPB-TMD.
However, further research is required towards understanding the origami mechanics,
actuation, and control techniques of the adaptive structure along with comprehensive
study in the area of robotic tuned-mass dampers. The uncertainties due to friction on
large and mid-scale structures also needs to be explored. A spatial grid of such OPB-
TMDs also has the potential to provide information regarding the dynamic response
of irregularly shaped and large-span roof structures for structural health monitoring
applications.
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Concrete Tunnel Segments Reinforced
with GFRP Bars
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1 Introduction

The use of precast concrete tunnel lining systems in tunneling construction projects
has been rising over the conventional in-site lining technique, because of its economic
efficiency [13]. Where the fabrication of Precast concrete tunnel lining includes
repetitive steps of batching and casting of concrete, which ultimately results in
wastage reduction compared to the traditional in-site concrete lining. Moreover,
precast concrete tunnel lining speeds the construction process along with ensuring
highest quality due to enhanced control during precast segment fabrication in precast
plants [8].

For durable and serviceable construction solution, the steel reinforcement in the
conventional concrete structure is initially coated and protected against corrosion by
the concrete alkalinity.However, for structures subjected to aggressive environmental
conditions, such as exposed to de-icing salts, combinations of moisture, temperature
and chlorides reduce the concrete alkalinity, and result in the steel reinforcing corro-
sion. Fiber-reinforced polymers (FRP) could be used as an alternative for the steel
in the reinforced concrete (RC) structures, to avoid the structures’ deterioration and
loss of serviceability due to corrosion. Besides, the problem of the electromagnetic
interference and steel corrosion can be avoided, as the FRP are nonmagnetic and
noncorrosive materials. Moreover, FRP materials exhibit several advantages, such
as high tensile strength, that make them suitable for the use as concrete structural
reinforcement [2, 3, 10–12, 14, 15, 19, 20]. Because of the structural effects of the
FRP materials’ bond behavior [9, 21], this type of reinforcement is not apposite for
all applications. However, it appears appropriate for the reinforcement of the tunnel
segments, both for the temporary and permanent elements [16].
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Current design provisions of CSA S806 [5], CSA S6 [4] and ACI 440.1R [1]
are not applicable to precast segmental tunnel linings reinforced internally with FRP
bars. Recently, few studies investigated the possibility of using the glass FRP (GFRP)
reinforcement in the precast concrete tunnel lining segments [6, 7, 16–18]. In order
to examine the feasibility and efficiency of using GFRP instead of steel as flexural,
shear, and compression reinforcements for precast segmental tunnel linings, this
study investigates the behavior of precast concrete tunnel segments reinforced with
GFRP bars under cyclic flexural loading.

2 Experimental Work

The experimental program of the current study is focusing on studying the efficiency
of using GFRP bars as internal reinforcement for precast concrete tunnel segments as
an alternative to the conventional steel reinforcement. A full-scale precast concrete
tunnel lining segment reinforced with GFRP bars was tested and compared with
another control specimen reinforced with conventional steel bars.

2.1 Materials Properties

Both precast concrete tunnel segments were cast using normal-weight concrete with
a targeted compressive strength ( f ′

c) of 35 MPa after 28 days according to ASTM
C39. The concrete mix design is shown in Table 1.

The used steel bars for the control specimen are steel bars 15M for the longitudinal
reinforcement and steel bars 10M for the transverse reinforcement. For the GFRP
reinforced specimen, GFRP bars used in this studyweremanufactured and developed
by Pultrall Inc., Quebec, Canada. The bars have a sand-coated surface to enhance
bond and force transfer between bars and concrete. GFRP V-Rod bars No. 5 and
No. 4 were used for longitudinal and transverse reinforcement of the segments,
respectively. Table 2 presents the mechanical properties for the used steel and GFRP
bars as provided by the manufacturer.

Table 1 Concrete mix design

Type of
concrete

Cement
(kg/m3)

Sand
(kg/m3)

Limestone
5/10
(kg/m3)

Superplasticizer
(ml/m3)

Air
entrainment
(ml/m3)

Water
(L/m3)

Fiber
(kg/m3)

NSC 450 615 1015 4500 140 170 –
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Table 2 Mechanical properties of the GFRP and steel reinforcement

Bar size Diameter
(mm)

Area (mm2) Elastic
tensile
modulus
(GPa)

Tensile
strength
(MPa)

Tensile strain
(%)

GFRP bars #4 13 127 46 f f = 1000 2.17

#5 15 198 46 f f = 1000 2.17

Steel bars 10M 11 100 200 f y = 480 0.24

15M 16 200 200 f y = 460 0.23

Table 3 Test matrix and specimen details

Specimen ID f ′
c (MPa) Bar and stirrup

type
Flexural reinforcement Shear reinforcement

Bottom Top Bar size Spacing
mm

GFRP 35 GFRP 7 No.5 7 No.5 #4 200

Steel 35 Steel 7 bars 15M 7 bars 15M 10M 200

2.2 Test Specimens

The experimental program involved two full-scale reinforced precast concrete tunnel
segments tested under flexural cyclic loads. The GFRP specimen reinforced longi-
tudinally with 7 GFRP bars No. 5 and transversely with No. 4 GFRP ties placed at
a spacing of 200 mm. The steel specimen reinforced longitudinally with 7 steel bars
15M and transversely with 10M steel ties placed at a spacing of 200 mm. Table 3
below summarizes the test matrix and specimens’ details for this experimental study.

The length and width of segments are 3100 and 1500 mm, respectively, while
the thickness is 250 mm. Figure 1 shows the reinforcement details of the GFRP
specimen.

2.3 Test Setup and Instrumentation

Quasi-static compressive loading has been applied in terms of percentage of
calculated maximum displacement. Two cycles of loading and unloading were
conducted for 1.25%, 2.5%, 5%, 10%, 25%, 50%, and 75% of maximum estimated
displacement. Subsequently, one cycle of loading up to failure was conducted.
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Fig. 1 Details of the GFRP specimen

The test setup was designed and fabricated at the University of Sherbrooke’s
CFI structural laboratory, as shown in Fig. 2. The specimens were loaded with
three-point bending load using 11,000 kN capacity MTS universal testing machine
attached to a spreader beam. The load was applied at a displacement-controlled
rate of 0.8 mm/min. The mid- and quarter-span deflections were measured using
linear potentiometers (POTs). An automatic data-acquisition system monitored by a
computer was used to record the readings.
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Fig. 2 Test setup

Table 4 Experimental test results

Specimen ID Load at
failure, (kN)

Type of
failure

Ultimate load,
(kN)

Deflection at
ultimate load
(mm)

Ultimate
deflection
(mm)

GFRP 271 Concrete
crushing

271 52.8 52.8

Steal 140 Yielding 252 56.3 92.3

3 Experimental Results and Discussion

3.1 Failure Modes and Load Capacity

Table 4 provides flexural capacity and mode of failure for the tested specimens. The
failure of the GFRP specimen occurred by concrete crushing in the compression
zone. On the other hand, the steel specimen failed due to steel yielding, followed
by concrete crushing. Figure 3 provides the cracking patterns at failure for both
specimens. The first vertical flexural crack in the GFRP specimen initiated in the
tension zone under the point of loading at a load level of 60 kN in the first 5% of
the maximum displacement cycle. Beyond the first cracking load, additional flexural
cracks developed in the tension zone of the GFRP specimen in the 10% and 25% of
themaximum displacement cycles.With further loading, in the 50% of themaximum
displacement cycle, the flexural cracks became wider and propagated upward, while
some new cracks started to develop in the shear span. Before failure occurred in
the GFRP specimen, the cracks along the shear span started to incline towards the
loading point. The peak load recorded at the concrete crushing was 271 kN for the
GFRP specimen. In contrast, the yielding of the tension bars in the steel specimen
resulted in wider concentrated cracks at the tension zone. Yielding of the longitudinal
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Fig. 3 Failure mode: (a) GFRP specimen, (b) steel specimen

reinforcement at the tension zone occurred at a load level of 140 kN in the first 50%
of the maximum displacement cycle, followed by a reduction in the specimen’s
stiffness. Furthermore, by reaching a load level of about 252 kN in, the concrete
crushed in the compression zone.
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3.2 Load-Deflection Behaviour

Figure 4 shows the load deflection response of GFRP and steel specimens. Before
cracking, an identical linear load-deflection behavior was observed for the GFRP
and steel specimens. After cracking, the stiffness of the GFRP specimen reduced
with almost linear load-deflection behavior up to the initiation of concrete crushing
at the compression zone. After that, a sudden load drop occurred, indicating the
concrete crushing failure had transpired at a load level of 271 kN. Interestingly,
the specimen did not lose its load carrying capacity after the concrete crushing.
Instead, it continued to sustain additional loads. This behavior can be attributed
to the contribution of the compression bars that enhanced the specimen ductility
and strength. The steel specimen has also initial linear load deflection behavior
corresponding to the uncracked condition of the specimen. However, the specimen’s
stiffness has reduced, by the yielding of the longitudinal reinforcement in the tension
zone at a load level of 140 kN, followed by a gradual decrease in overall stiffness.
Figure 4 shows that, in the first 50% of the maximum displacement cycle, the steel
specimen experienced significant degradation in strength up to the concrete crushing.
The steel specimen reached a load level of 252 kN by the time the concrete crushed
at the compression zone. Moreover, the GFRP specimen recovered most of their
deflection during the unloading of the 50% and 75% of the maximum displacement
cycles. While a permanent deflection was recorded in the unloading of the steel
specimen by reaching the 50% of the maximum displacement cycle, due to the
yielding of the steel bars in the tension zone.

Figure 5 shows the envelope load-deflection curves for the GFRP and steel spec-
imens. After concrete crushing at peak load level of 271 kN, the GFRP specimen
continued to carry loads until a second drop in the loading occurred. The GFRP spec-
imen load at the maximum displacement was 263 kN. On the other hand, the yielding

Fig. 4 Load-deflection behavior for both specimens
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Fig. 5 Envelope behavior for both specimens

and peak loads for the steel specimen were 140 and 252 kN respectively. Overall, the
flexural strength at concrete crushing of the GFRP specimen was almost 1.8 times
greater than that of the steel specimen at steel yielding with similar reinforcement.

4 Conclusions

A full-scale precast concrete tunnel lining segment reinforced with GFRP bars was
tested and compared with another control specimen reinforced with the conventional
steel bars. Based on test results, the following conclusions were drawn:

• The GFRP specimen behaved linearly until cracking and almost linearly between
cracking and concrete crushing, with reduced stiffness. Interestingly, the spec-
imen did not lose its load-carrying capacity immediately after concrete crushing.
Instead, it continued to sustain additional loads. This behavior can be attributed
to the contribution of the compression bars that enhanced the specimen ductility
and strength.

• The failure of the GFRP specimen occurred by concrete crushing, while the steel
specimen failure due to steel yielding followed by concrete crushing.

• The flexural strength at concrete crushing of the GFRP specimen was almost
1.8 times greater than that of the steel specimen at steel yielding with similar
reinforcement.

• The results of the current study show the efficiency of using GFRP bars as internal
reinforcement for precast concrete segmental tunnel linings under cyclic flexural
loading as an alternative to the conventional steel reinforcement.
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Efficiency of Precast Concrete Tunnel
Lining Segments Reinforced with GFRP
Bars Under Bending Load

S. M. Hosseini, S. Mousa, H. M. Mohamed, and B. Benmokrane

1 Introduction

Inmechanical excavated tunnels in soft ground precast concrete tunnel lining (PCTL)
segments are placed to support tunnel boring machine (TBM) during advance-
ment. As a result of applied load during construction and service stage, PCTL
segments are subjected to bending moment, axial load and shear forces. Tunnels
are among the structures with a high service life demand. However, corrosion of
conventional steel reinforcement is one of the major causes of damage in steel-
reinforced PCTL segments [3]. To deal with the corrosion problem in conventional
steel-reinforced concrete elements, replacement of steel reinforcement with glass
fiber-reinforced polymer (GFRP) bars is an effective solution [5, 10, 12]. GFRP bars
have numerous advantages such as corrosion resistance, chemical resistance, electro-
magnetic neutrality, high strength-to-weight ratio, high tensile strength, competitive
life cycle cost, and fatigue resistance [2, 11]. In addition to the mention advantages,
application of GFRP bars in tunnels offer such distinct advantages as reduction in
concrete cover, suitability for parts of the tunnel that eventually should be demolished
and possibility to create dielectric joints [2, 8]. Possibility of adopting GFRP rein-
forcement in PCTL segments was investigated by Caratelli et al. [8]. They compared
the behavior of a steel-reinforced with a GFRP-reinforced segment under bending
and thrust loads. They concluded that the flexural behavior of GFRP-reinforced and
steel-reinforced PCTL segments did not have significant difference. However, they
observed bar rupture failure mode which is unfavorable for a GFRP-reinforced flex-
ural element according to design standards [2, 7]. In addition, the reported crack
width at service stage was higher than allowable crack width in CAN/CSA S6-19. It
can be attributed to using smooth GFRP bars in the segments as their bond behavior
is weaker than the other surface conditions [2]. Spagnuolo et al. [13] performed a
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simplified check analysis on the specimens tested by Caratelli et al. [8] according
to ACI 440.1R-15 and concluded that the simplified check method is suitable to
predict the capacity of a tunnel segments reinforced with GFRP bars. The effect
of using different prototypes for manufacturing of curvilinear GFRP bars on the
behavior of GFRP-reinforced PCTL segments investigated by Caratelli et al. [9].
The proposed prototypes were closed “Ring Reinforcement”, “Lattice Reinforce-
ment” and “Wirenet Reinforcement. In addition, they compared the performance
of sand-coated GFRP bars with smooth bars. They experienced bar rupture failure
mode in all the specimens. They concluded that closed-ring reinforcement yielded
the best results among all the tested prototypes. Furthermore, they reported that using
sand-coated GFRP bars reduced the maximum crack width at service load by 70%
compared to smooth bars.

There are limited studies in the literature regarding to GFRP-reinforced PCTL
segments [8, 9, 13, 14]. The observed failure mode in the literature was tension-bar
rupture failure mode which is unfavorable for design purposes. Also, the cracking
behavior did not satisfy the requirement of design standards. Furthermore, smooth
square GFRP bars were used in majority of tested specimens in the literature which
is not among the recommended bar surface conditions in ACI 440.1R-15. Therefore,
the efficiency of such structural elements needs further investigation before major
application tunnelling projects. In this study, the behavior of a GFRP-reinforced
PCTL segment was compared with a steel-reinforced one with identical geometry
and details. The GFRP-reinforced segment was designed to experience favorable
compression failure mode. Also, the utilized GFRP curvilinear bars are sand-coated
and produced with a new manufacturing process with improved properties.

2 Experimental Work

2.1 Materials Properties

The specimens in this study were cast using normal strength concrete with 28-days
target compressive strength of 40 MPa. Curvilinear sand-coated bars No. 5 (15 mm)
with a radius of 3305 and 3445 mm for bottom and top meshes were used as longi-
tudinal reinforcement in GFRP-reinforced specimen, respectively. Curvilinear bars
produced with the specified radius using an innovative manufacturing process. To
provide end-anchorage for longitudinal bars, sand-coatedU-shape bars #5were used.
Transverse reinforcement was provided using sand-coated GFRP closed ties No. 4
(13 mm). Tensile strength, modulus of elasticity, and ultimate strain of the utilized
GFRP curvilinear bars were determined by performing tensile test according to
ASTM D7205 [4] on the curvilinear bars with the radius of 3305 mm. For steel-
reinforced specimen, deformed 15 and 10M steel bars were used as longitudinal and
transverse reinforcement. Table 1 reports the mechanical properties of GFRP and
steel reinforcement. Figure 1 shows the assembled GFRP cage before casting.
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Table 1 Mechanical properties of GFRP and steel reinforcement

Reinforcement
type

Bar
size

Bar
diameter
(mm)

Nominal
cross-sectional
area (mm2)

Modulus of
elasticity
(GPa)

Tensile
strength
(MPa)

Ultimate
tensile
strain (%)

GFRP
curvilinear bars

#5 15 199 53.4 976 1.8

GFRP U-shaped
barsa

#5 15 199 53.5 1283 2.4

GFRP closed
tiesa

#4 13 127 55.6 1248 2.2

Steelb 10M 11.3 100 200 480 0.24

15M 16 200 200 480 0.24

aThe reported mechanical properties of GFRP closed ties and U-shaped bars obtained by testing of
straight bars manufactured with the same manufacturing process as the bent bars
bThe reported tensile strength and ultimate tensile strain of steel bars are related to yield point

Fig. 1 Assembled GFRP-reinforced PCTL segment cage

2.2 Test Specimens

Two full-scale PCTL segments including one GFRP-reinforced and one steel-
reinforcedwere constructed and tested under bending load. Figure 2 shows theGFRP
cage before and during casting. The original tunnel considered in this study was a
metro tunnel lining with internal diameter of 6500 mm and external diameter of
7000 mm. A full ring of the considered tunnel constitutes from seven segments with
different shapes of rectangular, trapezius, and parallelogram. After consulting with
the tunnel design Engineers, the parallelogram shape selected for the specimens in
this study. The specimens measured 3100 mm in length (arc length), 1500 mm in
width and 250 mm in thickness with an internal and external radius of 3250 and
3500 mm, respectively. The concrete cover was kept constant at 40 mm.
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Fig. 2 Casting of the test specimens
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Fig. 3 Specimen details

Figure 3 presents the dimensions and reinforcement details of the specimens.
Each specimen comprises from longitudinal reinforcement, transverse ties and end-
anchorage U-shape bars. The test matrix and reinforcement details of the tested
specimens in this study are presented in Table 2. The two tested specimens had
almost identical geometry and reinforcement details to provide possibility of net
comparison between GFRP and steel bars in the performance of PCTL segments.
To identify the specimens, the first number indicates the number of longitudinal
bars. The specimens with steel and GFRP reinforcement are identified with S and G
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Table 2 Test matrix and specimen details

Specimen ID Type of reinforcement Longitudinal
reinforcement

ρl (%) Transverse
reinforcement

7G-#5 Glass FRP bars 7 bars #5 0.50 #4 @ 200 mm

7S-15M Steel 7 bars M15 0.50 10M @ 200 mm

letters, respectively. Finally, the identified number after hyphen provides the size of
longitudinal bars. According to the analytical calculations based on ACI 318-19 and
ACI 440.1R-15, the flexural strength of the specimen 7G-#5 is 33% greater than 7S-
15M with considering all the reduction factors equal to 1.0. However, the specimens
have almost the same flexural strength by considering the reduction factors according
to the mentioned standards.

2.3 Test Setup and Instrumentation

The bending tests were performed using three-point load test setup with a clear
span of 2400 mm (Fig. 4). The supports were cylindrical in shape and the specimens
could rotate andmove on the supports. Furthermore, in order tominimize the friction,
Teflon sheetswere placed between the supports and specimens. In the three-point load
test setup, investigating the cracking behavior is more accurate than four-point test

Fig. 4 Test setup



108 S. M. Hosseini et al.

setup since the maximum bending moment and concentration of the flexural cracks
occurs in one section rather than a length of the flexural elements [15]. Also, the
designed test setup system is statically determinate so that the relationship between
the reaction of the supports, axial load and bending moment in the segment can be
easily obtained. The test setup was designed and constructed at Canada Foundation
for Innovation (CFI) laboratory located at the University of Sherbrooke. A 11,400
kN MTS testing machine was used to apply a load at a displacement-control rate of
0.8 mm/min. Mid-span deflection was measured using three linear potentiometers
(LPOTs) distributed along the width of the specimen center.

3 Experimental Results and Discussion

3.1 Failure Modes and Load Capacity

Table 3 lists cracking load, peak load and mode of failure. Moreover, failure modes
of all the specimens are shown in Fig. 5. At initial stage of loading, crack prop-
agation in the specimens followed a typical pattern of flexural cracks in a simply
supported member subjected to three-point bending load. By increasing the load, the
number and width of flexural cracks increased. The steel-reinforced specimen failed

Table 3 Experimental test results

Specimen ID Cracking load
(kN)

Ultimate load
(kN)

Failure mode Deflection at
ultimate load
(mm)

7G-#5 57 315 Compression-controlled
flexural failure

66

7S-15M 68 236 Tension-controlled
flexural failure

44

(a) 7S-15M (b) 7G-#5

Fig. 5 Failure mode of the tested specimens
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by concrete crushing after yielding of steel reinforcement which denotes tension-
controlled flexural failure. The specimen 7G-#5 also failed due to concrete crushing.
With using identical reinforcement configuration, the ultimate load carrying capacity
of 7G-#5 was 33% higher than that of 7S-15M. Also, 7G-#5 experienced 50% higher
deflection at ultimate load that shows its greater deformability.

3.2 Load-Deflection Behaviour

Figure 6 shows the load versus mid-span deflection of the tested specimens. In pre-
cracking stage, all the specimens behaved linearly with almost the same stiffness.
After the first crack, the specimens experienced a temporary reduction in load. In
post-cracking stage, the flexural stiffness of the specimens decreased compared to
uncracked section due to transition from gross section to effective section. The post-
cracking stiffness of 7S-15M specimen was 2.7 times greater than the 7G-#5. GFRP-
reinforced specimen behaved almost linearly up to the failure which can be attributed
to linear elastic behavior of GFRP reinforcement. The steel-reinforced specimen
experienced nearly linear load-deflection until yielding point. After yielding, it
followed a typical steel stress-strain plateau up to failure with a reduced stiffness.
However, the ultimate load increased around 58% relative to yield load which can be
attributed to strain hardening of steel rebars and increasing the bending moment arm
in the section. As concrete crushing in 7S-15M and 7G-#5 specimens was gradual,
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Fig. 6 Load-deflection behavior of the tested specimens
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they could carry the load to some extent after the first drop. However, as the confine-
ment did not provide for the compression block, the concrete crushing led to a full
spalling which led to a reduction in the load.

4 Conclusions

In this study, the structural performance of aGFRP-reinforced precast concrete tunnel
lining segment under bending load was compared with the steel-reinforced one in
terms of failure mode and load-deflection behavior. The following conclusions may
be drawn:

1. Failure in GFRP-reinforced segment governed by concrete crushing. The steel-
reinforced specimen experienced a tension-controlled flexural failure. The ulti-
mate load carrying capacity of GFRP-reinforced specimen was 33% higher
than that of steel-reinforced one while the reinforcement detail in these two
specimens was almost the same.

2. Steel-reinforced specimen experienced a typical load-deflection plateau which
had three stages of cracking, yielding and failure. GFRP-reinforced specimen
showed a linear elastic behavior after cracking until failure.While the axial stiff-
ness of steel-reinforced specimen was 3.9 times greater than GFRP-reinforced
specimen, it experienced 2.7 times greater axial stiffness.

3. Application of GFRP reinforcement in PCTL segments is an effective approach
to deal with the corrosion problem and take advantage from the unique features
ofGFRP bars in tunnels. GFRP-reinforced PCTL segment showed a satisfactory
structural performance under bending loading regarding to failure mechanism,
ultimate load and deflection, service cracking and deflection.
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Axial Capacity of Circular Concrete
Hollow Columns Reinforced with GFRP
Bars and Spirals

Mohammed Gamal Gouda, Hamdy M. Mohamed, Allan C. Manalo,
and Brahim Benmokrane

1 Introduction

Hollow reinforced concrete columns have been used in the past in place of their
solid counterparts in the construction of bridges (columns, piles, and bridge pier).
These hollow columns have several benefits over solid columns including higher
structural performance than solid concrete columns in terms of stiffness-to-weight
and strength-to-weight ratios [13]. In addition, hollow concrete columns (HCCs) can
be the solution tomaximize strength–mass and stiffness–mass ratios and to reduce the
mass contribution of the column to the seismic response and demand on foundations.
Such members are usually reinforced with conventional steel bars and spirals or ties.
Steel reinforcement has a limited-service life and entails high maintenance costs due
to corrosion when used in aggressive and/or harsh marine environments. This high
cost has spurred interest in alternative noncorrosive reinforcing materials such as
fiber-reinforced-polymer (FRP) bars. FRP bars offer many advantages over conven-
tional steel bars, including a density of one-quarter to one-fifth that of steel, greater
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tensile strength than steel, and no corrosion even in harsh chemical environments
[8, 14].

The experimental work conducted on concentrically loaded circular and rectan-
gular GFRP RC columns demonstrated that their behavior was very similar to that of
conventional steel RC columns, and no appreciable difference has been observed in
terms of peak capacity [1, 2, 9, 16]. Afifi et al. [1, 2] concluded that the average load
carried by the longitudinal GFRP bars in circular GFRPRC columns ranged between
5 and 10% of the maximum load. Testing GFRP RC columns of rectangular section
indicated that the GFRP bars contributed 10% of column capacity [16]. In tests on
full-scale rectangular GFRP RC columns, the contribution of the GFRP bars to the
column capacity, however, was less than 5% of the peak load [9]. Based on these
studies, it has been concluded that the contribution of GFRP bars in compressionmay
be ignored when assessing the nominal capacity of an axially loaded RC column.
On the other hand, using GFRP ties, spirals, and hoops was found to be efficient in
confining the concrete core, delaying initiation and propagation of unstable cracks,
and preventing the buckling of GFRP longitudinal bars at peak load [1, 2, 12, 15].
Limited research work has been conducted on hollow concrete columns reinforced
with GFRP reinforcements. AlAjarmeh et al. [3] investigated the axial compression
behavior of hollow concrete columns with different ratios of longitudinal GFRP
reinforcement. It was found that the structural behavior and failure mechanism of
HCCs were strongly affected by the amount of longitudinal reinforcement or the
reinforcement ratio. The objective of this study was to obtain experimental data and
to better understand the behavior and failure mechanics of full-scale hollow concrete
columns reinforced with GFRP bars and spirals tested under axial load. The effect
of reinforcement ratio was investigated. The experimental data provide the evidence
required to include design provisions in the forthcoming ACI 440 code for the use
of GFRP bars and spirals as internal reinforcement in concentrically loaded hollow
concrete compression members.

2 Experimental Program

2.1 Design of Test Specimens

Five full-scale circular reinforced-hollow concrete columnswere prepared and tested
to investigate the influence of the longitudinal reinforcement ratio ρl (represented
by the number of bars) under pure axial loading. Three columns were reinforced
with GFRP bars and spirals with ratios of ρl at 1.89%, 2.53%, and 3.79%. One
control specimenwas reinforcedwith onlyGFRPbars, and one plain concrete column
was introduced as a reference. All columns were designed with a hollow circular
cross-section where the outside diameter of the columns was 305 mm, the inner
diameter was 113 mm (Din./Dout. = 0.37), and the height was 1500 mm. Concrete
cover for all tested columns was set at 27.50 mm. All the GFRP RC columns were
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Fig. 1 Experimental program layout: a GFRP reinforcement cage; b specimen’s details and
instrumentations; and c FORNEY machine “final installation of the specimen”

designed according to CSA/CAN S806-12, clause (8.4.3.6-15) code requirements
for longitudinal and transverse reinforcement. Where, clause (8.4.3.10) recommends
that the minimum number of longitudinal reinforcing bars in compression members
enclosed by spirals shall be six for bars and theminimumFRPbar size for longitudinal
FRP bars shall be not less than 15 mm in diameter. Figure 1 displays the GFRP-
reinforcement cage, specimen’s details, and the final installation of the column-
specimenon theFORNEYmachine.Table 1 lists the testmatrix and the reinforcement
details for all tested columns.

2.2 Materials Characterization

All columns were cast with a single batch of nominal 34.70 MPa ready-mix normal-
weight concrete with a maximum aggregate size of 10 mm. During casting, the
concrete was compacted to ensure adequate consistency of the concrete paste. The
average compressive strength of concrete was computed in terms of the characteristic
compressive strength of ten 100 × 200 mm cylinders samples cured under the same
conditions as the column specimens and examined after 28-daysmandated byASTM
C39/C39M 2012. No. 5 and Grade II sand-coated GFRP bars with an average fiber
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Table 1 Test matrix and specimen details

Column ID f ′
c (MPa) Longitudinal reinforcement Transverse reinforcement

Bar
type

No.
of
bars

Bar ρl (%) Type d∗
b mm S mm ρT (%)

HC-6G-80 34.70 GFRP 6 #5 1.89 GFRP
spiral

9.50 80 1.11

HC-8G-80 8 #5 2.53 GFRP
spiral

HC-12G-80 12 #5 3.79 GFRP
spiral

HC-8G-W 8 #5 2.53
— — — —

HC-P
— — — — — — — —

Table 2 Mechanical properties of the GFRP reinforcement

Reinforcement
type

Bar
size

Diameter
(mm)

Nominal
area (mm2)

Elastic tensile
modulus (GPa)

Tensile
strength
(MPa)

Tensile
strain (%)

GFRP # 3 9.5 71 52.5 ± 2.5 f fu =
1328

2.30

# 5 15.9 199 54.9 ± 2.5 f fu =
1289

2.40

content of 83.8% and No. 3 Grade II sand-coated GFRP spirals with an average fiber
content of 78.9% were used to reinforce all the GFRP-reinforced specimens. Table
2 reports the material properties of the GFRP, as provided by the manufacturer.

2.3 Instrumentation and Testing

During the cage’s preparation stage, four strain gauges with a length of 6 mm were
mounted on the bars and spirals at mid-height of the cage to monitor the column
responses, (see Fig. 1a and b). Before testing, two concrete strain gauges with a
60 mm in length were fixed on the exterior surface at the column and almost parallel
to the bars and spirals strains. Finally, the applied axial load and the axial displace-
ment were measured, respectively, with the machine’s internal load cells and linear
variable differential transformers (LVDTs). All instruments were connected to a
data-acquisition system for continuous recording of results.

All the columns were tested under concentric loading with a 6,000 kN capacity
FORNEY machine in the Construction Facilities Laboratory of the Department of
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Civil Engineering at the University of Sherbrooke, as displayed in Fig. 1(c). Prior to
testing, a 20-mm self-leveling cementitious grout was utilized to level the top and
bottom ends of each column. Two rigid steel collars were fastened and clamped at the
ends of the column to prevent any undesired local failure at these stress-concentration
zones. Lastly, the columnwas placed in themiddle of the Forneymachine and the test
was conducted with a load-controlled technique at a rate of 1.50 kN/s up to failure.

3 Test Results and Discussion

3.1 Failure Modes

The GFRP-RC hollow columns exhibited a compression failure in terms of concrete-
cover spalling, accompanied by a drop in the column capacity. Figure 2 shows the
failure modes of all tested columns. The failure started by hairline cracks that propa-
gated along the column height as the applied load increased. Spalling of the concrete
cover was then observed, followed by rupturing of the longitudinal bars. The GFRP

Fig. 2 Failure modes
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spirals were not damaged for all tested columns. Table 3 summarizes the failure
propagation in the tested hollow concrete columns.

3.2 Load Deformation Behavior

Figure 3 illustrates the relationship between the axial load versus the axial deforma-
tion of the tested hollowcolumns. Prior to cover spalling phase, the column specimens
HC-12G-80, HC-8G-80, HC-6G-80, HC-8G-W, and HC-P behaved linearly until the
initiation of the hairline cracks at 1810 (73%), 1805 (76%), 1800 (79%), 1795 (85%),
and 1790 (90%) kN, with a corresponding axial deformation 3.30, 3.75, 3.90, 3.50,
and 3.20 mm, respectively. A gradual loss of initial stiffness after these cracks prop-
agated providing a nonlinear ascending branch up to the peak loads of 2492, 2381,
2271, 2120, and 2000 kN, and the counterparts axial displacement at 7.50, 6.63,
5.79, 7.13, and 5.51 mm, respectively. The tested columns sustained an axial load
exceeded the design load (Po) allowed in CAN/CSA S806-12 with subtracting the
area of FRP bars. Ignoring the contribution of GFRP bars in the CAN/CSA S806-12
design equation underestimated the maximum capacity of the tested columns. The
difference between the experimental and nominal ultimate capacity based on the
CAN/CSA S806-12 limit for the column specimens HC-12G-80, HC-8G-80, HC-
6G-80, HC-8G-W, and HC-P, [

((
Pexp. − Po,S806

)
/Po,S806

)
], was 39, 31, 25, 17, and

8%, respectively, on average 24%. Due to the concrete cover spalling, a sudden load
drop reached to 2000, 1900, 1400, and 1000 kN at corresponding axial deforma-
tion of 8.60, 7.10, 6.95, and 10.50 mm, respectively, for the columns HC-12G-80,
HC-8G-80, HC-6G-80, and HC-8G-W was observed. Afterward, the applied load
was transferred to the inner core, because of the GFRP spirals lateral confinement
and contribution of the longitudinal bars in carrying the load, the load curve raised
again until the second peak of 2200, 1600, and 1400 kN for the columns HC-12G-80,
HC-8G-80, and HC-6G-80. The columns, lastly, failed due to bar or more rupture,
as depicted in Fig. 2. Regarding the impact of the longitudinal reinforcement ratio,
increasing the number of bars increases the peak axial-load capacity. Therefore, HC-
12G-80 (ρ = 3.79%) had 4.70% and 9.70%higher peak strength thanHC-8G-80 (ρ =
2.53%) andHC-6G-80 (ρ=1.89%).Table 3 summarizes the experimental test results.

3.3 GFRP-Bars and Concrete Strains

Figure 4 depicts the applied load to the induced strains response of the tested speci-
mens. At the peak load, the average axial compression strain monitored in the longi-
tudinal bars was around 2800με, which is about 14% of the ultimate tensile strain of
the GFRP bars ε f rp,u , while the ultimate recorded compressive strength was 30% of
ε f rp,u . These findings coincide with that mentioned by [3]. The average axial strains
in the reinforcing bars were recorded and utilized to estimate the contributions of the
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Fig. 3 Investigating the influence of the longitudinal reinforcement ratios on the load-axial
deformation response (ρl = 3.79%, 2.53%, 1.89, and nil)
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Fig. 4 GFRP-bars and concrete strains

compressive strength of the bars to the overall strength capacities, Pbars . Pbars was
computed based on the measured strain at the peak load, εbar , the cross-sectional
area of the bar, A f , and the bar’s modulus, E f . The ratios Pbars/Pexp. are reported in
Table 3. The average contribution of the GFRP bars in compression was around 10%
of the experimental peak load, contrary to the CAN/CSA S806-12, which neglecting
the compressive strength of the GFRP bars. All measured concrete strains at the
peak load were 3042, 2865, 2785, 2374, and 2040 με for the column specimens
HC-12G-80, HC-8G-80, HC-6G-80, HC-8G-W, and HC-P, respectively, (on average
2620 με). The concrete strain readings were affected and became unreliable upon
the cracks widened and propagated.

4 Experimental-to-Theoretical Ultimate Load Capacity

Table 4 presents a comparison between the peak loads obtained from the experimental
testing and the ultimate load capacity estimated based on the CAN/CSA S806-12



122 M. G. Gouda et al.

Ta
bl
e
4

E
xp

er
im

en
ta
l-
to
-t
he
or
et
ic
al
ul
tim

at
e
lo
ad

ca
pa
ci
ty

ev
al
ua
tio

n

C
ol
um

n
ID

E
xp
.

T
he
or
et
ic
al

C
A
N
/C
SA

S8
06
-1
2

d
is
re
ga

rd
C
A
N
/C
SA

S6
-1
9

ε
G
F
R
P

=
0.
00
2

H
ad
ie
ta
l.
[1
1]

ε
G
F
R
P

=
0.
00
3

To
bb
ie
ta
l.
[1
6]

an
d
A
fifi

et
al
.[
1,

2]

P e
xp

(k
N
)

P
T
h
.
(k
N
)

P e
x
p.

/
P
T
h
.

P
T
h
.
(k
N
)

P e
x
p.

/
P
T
h
.

P
T
h
.
(k
N
)

P e
x
p.

/
P
T
h
.

P
T
h
.
(k
N
)

P e
x
p.

/
P
T
h
.

H
C
-6
G
-8
0

22
71

18
24

1.
25

19
43

1.
17

20
03

1.
13

22
42

1.
01

H
C
-8
G
-8
0

23
81

18
12

1.
31

19
71

1.
21

20
51

1.
16

23
69

1.
01

H
C
-1
2G

-8
0

24
92

17
89

1.
39

20
28

1.
23

21
47

1.
16

26
25

0.
95

H
C
-8
G
-W

21
20

18
12

1.
17

19
71

1.
08

20
51

1.
03

23
69

1.
12

H
C
-P

20
00

18
59

1.
08

18
59

1.
08

18
59

1.
08

18
59

1.
08



Axial Capacity of Circular Concrete … 123

and CAN/CSA S06-19, and proposed equations from past studies. These equations
are shown as follow:

Po = 0.85 f ′
c

(
Ag − AF

)
[7] (1)

Po = 0.85 f ′
c

(
Ag − AF

) + 0.002E f AF (CAN/CSA S06 - 19) (2)

Po = 0.85 f ′
c

(
Ag − AF

) + 0.003E f AF [11] (3)

Po = 0.85 f ′
c

(
Ag − AF

) + 0.35 f f,u AF [1, 2, 16] (4)

The experimental-to-theoretical ratios demonstrate that the ultimate capacity of
hollow concrete columns reinforced with GFRP bars and spirals can be computed
by considering the contribution of the longitudinal GFRP bars in compression. This
study measured that the axial compressive strains in the longitudinal reinforcement
which, on average, is equal to 0.0028. Hence, the equation reported by CAN/CSA
S09-19 can reliably predict the axial-load capacity of hollow concrete columns rein-
forced with GFRP bars and spirals. These findings match with that reported by [17],
since they assumed that the average axial strain of the GFRP bars at peak load is
equal to 2000 με.

5 Conclusions

This study is part of a large experimental and analytical research project at the
University of Sherbrooke investigating the behavior of GFRP-RC hollow columns
concentrically and eccentrically loaded. The experimental program in this paper is
designed to study the performance of five full-scale circular RC columns with hollow
cross-sections and reinforced with different longitudinal reinforcement ratios. Based
on the experimental investigations of this study, the following conclusions can be
drawn:

1. All tested GFRP-RC hollow concrete columns revealed a compression-
controlled failure in terms of gradual concrete cover spalling.

2. The difference in the peak load of hollow concrete columns reinforced with 12
GFRP bars (3.79%) increased from 5% at 8 GFRP bars (2.53%) to 10% at 6
GFRP bars (1.89%).

3. The GFRP longitudinal reinforcement significantly contributed to resisting the
applied compression loads. The GFRP-RC hollow columns sustained an axial
load exceeded the design load defined in CSA S806-12.

4. The average contribution of the GFRP bars in compression was around 10% of
the experimental peak load, contrary to the CSA S806-12, which neglecting the
compressive strength of the GFRP bars.
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5. The ultimate strength of theGFRP-RChollow columns can be reliably predicted
by considering the contribution of the longitudinal reinforcement of 2000 με.
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Lightweight Self-consolidating Concrete
Bridge-Deck Slabs Reinforced
with GFRP Bars Under Concentrated
Loads
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and B. Benmokrane

1 Introduction

Lightweight aggregates are environmentally-friendly that can replace natural aggre-
gates. Additionally, lightweight aggregates reduce the mass of construction which
consequently led to reduce the cross-section and the amount of reinforcement used
in concrete structures, and thus seismic resistance will be increased. The weight
of bridge-deck slabs is considerably more than imposed traffic loads. In the case
of using lightweight concrete (LWC) reinforced by FRP bars, the advantages are
included the strength-to-weight ratio improvement and reduction in life cost of the
structures. According to the investigations, ACI 318R-95 underestimated the flex-
ural capacity of the LWC slabs [15]. Comparing the results of shear behavior of
GFRP-reinforced lightweight one-way slabs with the shear strength predictions of
the American Concrete Institute (ACI) 440.1R-06 recommendations (ACI 440.1R-
06) showed that the use of ACI 440.1R-06 shear equations for lightweight concrete is
less conservative than for normal-weight (NW) concrete [16, 17]. The experimental
results from GFRP-reinforced lightweight panels showed that LW concrete panels
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performed similar to NW concrete panels [17]. The shear predictions using Cana-
dian [6] and Japanese recommendations [14] regarding shear strength of lightweight
and normal weight concrete panels reinforced with Glass fiber-reinforced polymer
(GFRP) bars are less conservative, hence a reduction factor is not required [14].

On the other hand, as the steel reinforcement easily corroded when exposed and
routine maintenance should be conducted in reinforced concrete (RC) structures,
FRP bars are increasingly used in construction industry instead of steel reinforce-
ment. FRP bars have some significant specifications like high tensile strength, non-
corrosive properties and lightweight. Due to their significant properties, they are an
effective alternative for steel bars, particularly in marine structures, concrete bridge-
deck slabs, and parking garages where they are exposing to chlorides and de-icing
chemicals. As concrete bridge-deck slabs experience harsh environmental condi-
tions, including routinely used de-icing salts, traffic loads, freeze-thaw cycles, and
wet-dry cycles, they are more likely to deteriorated compare to any other bridge
elements. FRP bars help reduce the cost of maintenance, repair, and rehabilitation
because of their noncorrosive feature. According to the results of previous studies on
the punching shear of FRP-reinforced concrete slabs, punching shear is the failure
mode of FRP-RC slabs and the type of reinforcement (GFRP, carbon FRP (CFRP),
or steel) had a negligible effect on the deflection behavior of reinforced concrete deck
slabs [2, 11, 12]. Results froma recent research project conducted by [10] showed that
conservative predictions are provided by ACI 440.1R [1] in terms of the punching-
shear capacity of basalt FRP (BFRP)-RC deck slabs, however, CAN/CSA S806 [7]
provided reasonable yet conservative predictions. FRP reinforcements can improve
cracking performance and the induced strains of FRP-RC slabs by improving the
bond between the concrete and reinforcing bars [10, 13].

There is no experimental data concerning the use of FRP bars as internal reinforce-
ment for concrete bridge-deck slabs using as known by the authors. This is partially
due to a lack of experimental data, which can describe the behavior of members
reinforced with such materials. This experimental investigation has been carried
out regarding the structural behavior of full-scale lightweight self-consolidated
concrete (LWSCC) bridge-deck slabs internally reinforced with GFRP bars under
concentrated loads simulating truck wheel loads.

2 Experimental Program

2.1 Material properties

2.1.1 Reinforcing Bars

In this study, helically wrapped GFRP bars (No. 5) were used. The GFRP bars are
classified as Grade III according to CSA S807-19 [9]. While ribbed steel bars (15M)
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Table 1 Mechanical properties of the reinforcing bars

Bars Bar size db (mm) Af (mm2) Ef (GPa) f fu (MPa) εfu (%) Surface configuration

GFRP #5 15.9 199 64.1 1528 2.4 Helically Wrapped

Steel M15 16 200 200 fy = 460 εf = 0.23 Ribbed

(a) (b)

Fig. 1 Reinforcing bars used in this study: (a) Helically wrapped GFRP bars; (b) Steel bars

were used for the reference slab. Table 1 provides the properties of the reinforcing
bars. Figure 1 shows the two reinforcing types used in this study.

2.1.2 Concrete

Lightweight self-consolidating concrete (LWSCC) was used in this investigation.
LWSCC mixture is made with lightweight coarse and fine aggregates according to
the specifications of [4] and natural normal weight sand. The maximum sizes of
coarse and fine aggregates were 14 and 5 mm, respectively. Lightweight aggregates
used in this study were expanded shale. The aggregates were pre-wetted separately
before mixing with the rest of the materials to maintain a uniform water volume
fraction of 0.33. The LWSCC were prepared using a ternary binder containing 70%
general-use cement (GU), 25%fly ash (FA), and 5% silica fume (SF) complying with
ASTMC150 [3]. A ready to use a polycarboxylate-based high-range water-reducing
agent (HRWRA) with a solid content of 40% and a specific gravity of 1.09 density
was used as a superplasticizer with air-entraining admixture. The specimens were
cast on the same day. The curing process was initiated immediately after the casting
by covering the concrete surface with polyethylene sheets. The slabs were unmolded
after one day and the water-curing process was initiated for 7 days. The equilibrium
density of the LWSCCwas 1930 kg/m3 and was measured according to ASTMC567
[5]. The concrete compressive strength of 46.1 MPa was based on the average value
of tests performed on 12 concrete cylinders 100 × 200 mm on the day of testing.
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Fig. 2 Overview of the assembled GFRP meshes and formworks prepared for casting

2.1.3 Test Specimens and Testing Procedure

The experimental program included testing of two full-scale concrete deck slabs
measuring 3000 mm long × 2500 mm wide × 200 mm thick and span of 2000 mm
(center to center), as shown in Fig. 2. The specimens were supported on two steel
girders and were restrained at the edges in the longitudinal direction with 22 mm
steel anchors. The concrete cover was equal to 30 and 25 mm at the top and bottom,
respectively, as specified in Clause 16.4.5 of CAN/CSA S6 [8]. The slab thickness
was selected to keep the supporting beams spacing to slab thickness ratio less than 18,
as specified in Clause 8.18.3.1 of CAN/CSA S6 [8], and to represent the most used
size of concrete bridge-deck slabs in Canada. The test setup and prepared specimen
under the loading actuator are shown in Fig. 3. Each specimen consists of twomeshes
at top and bottom. The reinforcement details of the slabs were presented in Table 2.
The specimens defined with G and S have GFRP and steel bars, respectively. The
bar spacing in each direction for both meshes is 300 mm.

Each slab was loaded up to failure over a center-to-center span of 2000 mm under
a monotonic single concentrated load. The load was applied to the slab center with a
contact area of 600×250mm,using a 70mmthick steel plate to simulate the footprint
of a sustained truck wheel load (87.5 kNCL-625 truck) as specified in CAN/CSA S6
[8]. An MTS actuator hydraulic jack with a capacity of 1000 kN and a ±250 mm
stroke was used to apply the monotonic load up to failure at a displacement control
rate of 0.3 mm/min. During the test, the slabs were observed until the first three
cracks appeared in the transverse direction; the corresponding load was recorded.
The LVDTs were installed at crack locations to record crack widths with the load
increasing. The load was continuously increased until slab failure. The formation of
the cracks on the sides and bottom surface of the deck slabs and corresponding loads
were marked and recorded during the test.
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Fig. 3 Test setup and the
bridge-deck slab ready for
testing

Table 2 Top and bottom
reinforcement details for
transverse and longitudinal
direction

Slab ID Reinforcement ρ (%) ρ × E (MPa)

G 16 mm @300 mm 0.37 237

S 15M @300 mm 0.37 733

3 Test Results and Discussion

The specimens were tested in terms of crack width, cracking pattern, deflection,
cracking load, ultimate load, and failure mode. The results from experiments are
presented in Table 3. The design service load (Pserv) and design factored load (Pfact)
were calculated according to the CAN/CSA S6 [8]. The design service load of the
deck slabs was taken as 1.4 × 0.9 × 87.5 = 110.25 kN, where 87.5 is the maximum
wheel load of the design truck (87.5 kN CL-625 truck), 1.4 is the impact coefficient,
and 0.9 is the live-load combination factor. The design factored load was taken as
1.4 × 1.7 × 87.5 = 208.25 kN, where 1.7 is the live-load combination factor.

Table 3 Test results of the punching shear capacities

Slab ID f′c (MPa) Pcr Pmax Deflection (mm) Crack width (mm)

Pserv Pfact Pmax Pserv Pfact Pmax

G 46.1 83.4 421.1 1.13 6.88 24.47 0.01 0.39 1.79

S 114.7 538.7 1.27 4.18 25.72 – 0.20 1.91



130 M. Aflakisamani et al.

3.1 Cracking

A similar cracking pattern appeared after testing for both specimens, despite the
different reinforcement type. Figure 4 shows the crack patterns on top and bottom
surfaces of the specimens. On the bottom surface, the first cracks appeared in longi-
tudinal direction under the loading area and then propagated in the radial direction
away from the center to the edges and sides. Almost the same number of cracks
appeared underneath of loading plate on the bottom surface for both slabs, which
indicates that the performance of the slabs in case of crack appearance and propaga-
tion was similar, regardless of their reinforcement bar type. On the top surface, the
same footprint appeared on both slabs.

The cracking loads were 108.1 and 114.7 kN for specimens G and S, respectively.
The cracking loads were almost the same as the design service load (110.25 kN) as
specified in the CAN/CSA S6 [8]. The cracking load recorded for specimen G is
94.2% that of specimen S, which indicates that the GFRP-reinforced slab behaved
similarly to the steel-reinforced slab in terms of initial cracking.

The load-average crack width curves are presented in Fig. 5. The crack widths
were measured with LVDTs and presented in Table 3. For slab G, the crack width
recorded at service load was 0.01 mm which is less than the allowable limit defined
by ACI 440.1R-15 and the CSA S6-19 of 0.5 mm for exterior exposure. However,
for slab S, no crack appeared at the service load level (cracking load was higher

(a) 

(b) 

Bottom surface 

Bottom surface Top surface 

Top surface 

Fig. 4 Top and bottom surfaces of specimens after testing: (a) G; (b) S
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Fig. 5 The load-average crack width curves for bridge-deck slabs

than the service load). Approximately the same crack widths were recorded at the
ultimate load. This confirms that the use of this type of GFRP reinforcing bars with
a lower modulus of elasticity than steel bars has a minor effect on crack widths of
the bridge-deck slabs. In general, cracking performance of the specimen reinforced
with GFRP bars is approximately similar to that of steel-reinforced specimen.

3.2 Ultimate Capacity and Failure Mode

As it can be observed in Fig. 4, the same cracking pattern appeared on the surfaces
of the slabs after testing. As no crushing was observed for the concrete and no bar
was ruptured during the test, the punching-shear is considered as a failure mode of
the slabs.

The ultimate punching-shear loads were recorded at the value of 421.1 and 538.7
kN for slab G and S, respectively. This indicates that the slab G could bear load up
to 78% of the ultimate load recorded for slab S and it can be concluded that the
higher axial-reinforcement stiffness can lead to the higher punching-shear capacity.
Moreover, GFRP-reinforced slab showed 2.02 times the factored design load of
208.25 kN specified by the CSA S6-19. This value for the slab S was calculated
2.59. This is related to the fact that the specimens were designed according to the
flexural failure, while the shear was the actual mode of failure.
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Fig. 6 Load-deflection curves of the bridge-deck slabs

3.3 Deflection Behavior

Figure 6 shows the load-deflection curves of the specimens. The maximum deflec-
tions at the ultimate load were 24.47 and 25.72 mm for slab G and S, respectively.
The behavior of the slabs was similar up to failure and the bilinear load-deflection
curves were drawn. Having more than three times of axial-reinforcement stiffness
(ρ × E) in slab S compared to the slab G had a significant impact on the maximum
deflection at the same load level. The recorded deflections at service and ultimate load
were approximately similar. This indicates that reinforcing bar type and modulus of
elasticity have a major effect on the deflection behavior of the slabs.

4 Conclusions

Full-scale lightweight self-consolidating concrete bridge-deck slabs reinforced with
steel and GFRP bars were tested under a single concentrated load simulating the
footprint of a sustained truck wheel load (87.5-kN CL-625 truck) to investigate the
structural behavior of load capacities. The results of this experimental study are as
follows:

• A similar cracking pattern appeared on the bottom and top surfaces of the slabs
after testing. Also, according to the readings from LVDTs, approximately similar
maximum crack width was recorded at the ultimate load for the slabs. This
confirms that GFRP-reinforced slab can show almost similar cracking behavior
to the steel-reinforced slabs.

• The punching-shear mode of failure was evidenced for the slabs at the ultimate
loads exceeded the factored designed loads specified by the CSA S6-19.
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• The slab G bearded up to 78% of the ultimate load of slab S. This represents
the acceptable behavior of the GFRP-reinforced slab by having a one-third the
axial-reinforcement stiffness of slab S.

• At the same load level, slab G showed a higher maximum deflection and crack
width. However, at the service designed load and ultimate load, approximately
similar crack width and maximum deflection were recorded for the slab G and
S. In general terms, this can prove that LWSCC GFRP-reinforced slabs showed
acceptable structural behavior and can be used to reduced total construction mass
and cross-sections of the elements.
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Design Challenges of the Widening
of an Existing Bridge with Post-tensioned
Concrete Deck

A. Vosogh, A. Sadeghian, and M. Hassan

1 Introduction

As a part of the project of widening of a major highway, an existing bridge located
in Edmonton, AB, had to be widened. The existing bridge in N-S direction carries
three (3) 3.7 m wide lanes of traffic with a 2.5 m inside shoulder and 3.0 m outside
shoulder (total 16.60 m clear width) in the south-bound direction and was built in
2005. The total width of the existing bridge including the barrier is 17.64 m. The
bridge structures are in total 111.4 m long and have two spans, 49.0 m North span
and 46.0 m South span, in addition to 2 approach spans of 8.2 m each. The bridge
spans overpass perpendicular E-W roadways. The bridge superstructure is supported
on center piers with fixed-bearing and expansion-bearings at the abutments. The
longitudinal slope of the bridge deck is 0.514% from North to South. The bridge
section has a 2% transversal slope from the crown.

The project scope of work includes the widening of the bridge by widening of
its cross section to 24 m clear width between the barriers. A 7.4 m widening will be
applied to the outside of the existing bridge. The widening will ultimately accom-
modate two extra 3.7 m lanes. The existing abutments, pier columns and foundations
were not designed for future widening (Fig. 1).

1.1 Existing Super-structure

The existing superstructure consists of five precast pre-stressed and post-tensioned
concrete NU girders with a reinforced concrete deck. The girders are continuous
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Fig. 1 Existing bridge Elevation (left) and section (right), (Alberta ministry of transportation)

over the center pier and are not integral with the pier. The girders support a 235 mm
thick reinforced cast-in-place deck, with an 80 mm 2-course ACP wearing surface
on 10 mm deck waterproofing.

The existing bridge girders are NU2000× 175 girders spaced at 3.7 m. The deck
cantilevers on each side of the bridge are 900 mm, and the barrier width is 520 mm.
The width of the top and bottom flanges are 1,250 and 1,000 mm respectively and the
thickness of the web is 175 mm. The intermediate diaphragms are steel X-bracings
and are spaced at 9.8 m for the North span and 9.2 m for the South span. There is
a 1,500 mm wide concrete diaphragm at the abutments to connect the girders. The
concrete strength for these girders (28 days strength) is 70 MPa and pre-stressed
strands in the bottom flange produced pre-stressing within the girders. Additionally,
four 15.2 mm post-tensioning mono-strands in the top flange of each girder were
added to achieve the desired deflections at transfer after pre-tensioning. The North
(49 m) and South (46 m) girders were designed to have 96 and 91 mm camber at the
time of erection. In addition to pre-stressing strands, there are three post-tensioning
ducts in each girder, each duct contains post-tensioned low relaxation strands. The
post-tensioning was carried out in two phases at the end of two separate construction
stages of the cast-in-place slab. The girderswere joined to each other at the splice joint
located at 400 mm on the North side from the center pier axis. The superstructure is
fixed to the sub-structure through bearings, transversely at the abutments and center
pier, and is longitudinally fixed to the sub-structure only at the center pier.

2 Design Challenges

The first common solution for the widening of bridge decks is to use the same
structural concept for the widening part of the deck i.e., use of pre-tension and post-
tensioned NU 2000 girders. However, for the case of this bridge there have been
several design challenges for widening the existing superstructure. Since the current
2% cross fall of the deck must be maintained in the widening portion of the deck, the
available road clearance under the bridge spans will be reduced. The total thickness
of the existing deck is 2.404 m that composes the height of the girder, haunch,
slab, and ACP layers. Using the same NU 2000 girders and assuming that the new
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exterior girder is located 7 m from the existing exterior girder, the road clearance
would be reduced by 140 mm which falls under the minimum 5.6 m required road
clearance by the authorities. It should be noted that the existing NU 2000 girders
have been heavily prestressed by pre-tensioning strands and post-tensioning tendons
to pass serviceability and ultimate limit states requirements. Also, considering actual
camber variability, a thicker haunch is required for the new deck to ensure proper
matching of existing and new deck’s final grade. In addition, the existing bridge was
designed for CS-750 truck loads. But according to the current design requirements
the new deckmust be designed for CL-800 loadings. Consequently, reducing the total
thickness of prestressed concrete decks to overcome the clearance problem became
a remarkable issue during the conceptual design phase.

On the other hand, the significant axial prestressing forces on the NU girders and
the slab causes a major time dependent behaviour of both the widening deck and
the existing deck. The existing structure was constructed in 2005 and based on the
estimations by the formulations provided in CHBDC respectively more than 97%
and 94% of girder and slab creep should be completed so far. But based on CHBDC
recommendations only 89%and49%of girder and slab shrinkage strains are expected
to be completed at this point. Since a large portion of the of the creep and shrinkage
deformation happen in the first couple of years after the concrete pour, a common
method to reduce the effect of time-dependent deformation of new structures on the
old deck is to delay the closure pour between the two superstructures. However,
determining the minimum delay is a challenging subject for engineers. To determine
theminimum delay, it is important to have an accurate estimation of the deformations
due to creep and shrinkage over time. Comparison of creep and shrinkage completion
by time suggested by AASHTO LRFD-2017 and CSA-S6-14 show a considerable
difference between the two codes. The presented graph at Fig. 2 for the existing NU
2000 girders illustrates this difference. Evidently, the Canadian code predicts a much
slower rate of completion, especially for shrinkage. CEB-FIP MODEL CODE 1990
was also consulted for comparison and its results were found similar to CSA-S6-14
results.
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From a mechanical perspective, the effects due to the differential deformations
between the existing and new concrete decks are crucial. After merging the two
decks, the existing deck will tend to decompress the new deck whereas the new deck
tends to compress the existing deck. Also, continuous shortening in the new deck
will impose transversal bending on the old deck and causes tension in far exterior
existing girders and compression in near existing NU girders. Such actions are also
dependent on the elastic modulus of the existing and new concrete deck. However,
there are many uncertainties regarding the elastic modulus of concrete and accurate
estimation of elastic modulus of the existing and new concrete is another challenging
subject. As previously mentioned, in order to limit such restraint effects, the closure
pour should be cast when the differential deformations are reduced to an acceptable
limit. The acceptable time for merging two decks can be estimated from design
code recommendations and should be verified based on field measurements during
construction. For the case of the bridge under study, the preliminary calculations
based on CSA-S6-14 provisions showed that the estimated time for the casting the
closure pour should be around two years after the last stage of post-tensioning.

3 Proposed Solution

To avoid the challenges with the addition of a concrete deck, using steel composite
beams for the new deck was proposed as a better option to limit total deck thickness,
shorten the waiting time before casting the closure pour, eliminate the effects of time
dependent deformations of concrete girders and to reduce the uncertainties pertinent
to the actual camber of girders. Figure 3 illustrates the cross section of the proposed
solution.

Fig. 3 Cross section of widened bridge
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The connection of unsimilar deck systems introduces new challenges that need
to be addressed appropriately. The major challenges are: i) Cracking of the slab of
the composite steel girder deck around the pier due to negative bending moments; ii)
Different stiffness of the steel girders and concrete NU girders; and iii) Difference
in thermal coefficient of steel and concrete girders.

Due to negative bending moments caused by the superimposed dead loads (SDL)
and live load, at service limit state, the slab of a common composite steel deck
develops cracks. However, because of the post-tensioning, the existing deck slab
experiences no cracking. This inconsistency in behaviour across the deck slab of
the widened bridge is not favorable and will interrupt the load paths in the widened
deck. An innovative solution was utilized to prevent cracking of new deck slab
under permanent loads. According to this concept, the composite deck (steel girders
and slab) was designed to be initially erected and poured at a higher elevation on
temporary supports located at the pier (Fig. 4). Later when the poured concrete
gains its characteristic strength, the deck will be lowered by removing the temporary
supports and jacking down the deck to its final elevation. This approach will induce
compression stresses in the new deck slab and will mimic the post-tensioning of
the existing deck in the composite steel widening deck. This also results in more
homogeneous stress distribution between the existing and new deck particularly
around the centre pier. However, this approach also imposes permanent compression
in new deck slab and introduces time dependent effects in the new deck that must be
taken into consideration.

In order to have better live load distribution between the girders and predictable
behaviour of the widened deck, it is necessary to adjust stiffness of composite steel
girders with the existing prestressed deck. Therefore, the size of steel girder was
determined to limit the variation of stiffness across the widened deck to less than
10%.

Thermal coefficients of concrete and steel are slightly different and the concrete
slab along the deck closure must be capable of integrating different expan-
sion/contraction between steel and concrete girders across the length of the bridge.
In addition to different responses of concrete and steel girders to uniform raise or fall
of ambient temperature, their responses to temperature gradient across the height of
deck are also completely different.

Fig. 4 Erection of superstructure on elevated temporary bearing
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4 Deck Analysis

To investigate the effects of various loads imposed to the widened deck, a 3D finite
elements model with staged construction was created in CSIBridge (Fig. 5).

To produce better estimates for the creep and shrinkage effects, the time dependent
material properties for all concrete elements (concrete girders and deck slabs) were
defined in the software based on CSA-S6-14/CEB-FIPModel Code 1990. In creating
the analytical model, the following main steps were followed:

i) Modeling the old structure by considering the elapsed time; ii) Erection of new
steel girders on the temporary bearing positioned 300 mm higher than permanent
bearings, followed by pouring of new concrete slab; iii) 28 days waiting time to
allow the young concrete to gain its 28 day strength; iv) Lowering the new deck to
its permanent position and inserting the permanent bearings; v) 16 days waiting time
to allow a fraction of creep to take place before connecting the old and new decks;
vi) Demolishment of the existing barrier adjacent to the new deck and connection
of the diaphragms between old and new girders. Pouring of the deck closure (start
of the interaction between two decks); vii) Apply the loads of the new barrier and
the wearing surface to the structure; viii) Run the analysis to calculate the induced
actions due to the creep and shrinkage in the new deck slab up to the next 75 years.

Furthermore, themaximumandminimum temperature range and thermal gradient
were calculated per CSA-S6 for both types of concrete girder and steel beam decks
and were applied to the finite element model accordingly.

4.1 Slab Stresses

The short-term stresses due to lowering the new girders are shown in Fig. 6 with
an average of −7.2 MPa (compressive) on the pier. Based on the formulations from
CEB-FIB 1990 model code, 16 days after the deck lowering the slab, because of the

Fig. 5 An isometric view of the 3D analytical model
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completion of a portion of creep and shrinkage strains, the stress will be decreased
to −5.2 MPa (compressive) (Fig. 7).

The closure pour is a main element in the interaction of the old and new decks
and was one of the major concerns during preliminary design. Figure 8 presents
longitudinal stresses due to time dependent deformations during summer. Maximum
tension in closure joint would be 1.6 MPa on the pier and maximum shear stress
would happen adjacent to expansion joint with value of 0.8 MPa. These stresses are
within acceptable range for concrete.

Fig. 6 Longitudinal stresses in new slab immediately after lowering

Fig. 7 Longitudinal stresses in new slab before casting of closure pour

Fig. 8 Longitudinal stresses in slab due to Creep + Shrinkage + Temperature’s rise in summer
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Fig. 9 Longitudinal stresses in slab due to Creep + Shrinkage + Temperature’s fall in winter
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Fig. 10 Stresses in existing exterior girder-top extreme fiber

Figure 9 represents the final effect of shrinkage and creep that is combined with
temperature stresses during the winter. Maximum stresses take place at the vicinity
of expansion joints with magnitude of 1.3 and 1.6 MPa for longitudinal and shear
forces respectively. Again, stresses are less than concrete strength.

4.2 Concrete Girder Stresses

The existing deck was analysed based on given information in as-constructed draw-
ings and existing stresses were extracted to represent the current superstructure.
Then, effects of extra loads on the widened deck including the creep and shrinkage
of the composite steel portion of the widened deck and the thermal deformation were
analysed and added to stresses of the existing concrete girder. Figure 10, 11, 12 and
13 present the status of stresses before and after widening. The jumps on the graphs
represent the debonding of pre-tensioning strands and construction stages for slab
pouring and stressing of post-tensioning tendons in the existing structure.

As it can be seen, the level of Serviceability Limit States stresses in the exterior
NU girders are within allowable compression and tensile limits. The 3rd interior
girder (nearest interior girder to new deck) has the most unfavourable stress state
within the evaluation. Along a short length of this girder, the tensile stresses of the
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Fig. 11 Stresses in existing exterior girder-bottom extreme fiber
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Fig. 12 Stresses in existing 3rd interior girder-top extreme fiber
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Fig. 13 Stresses in existing 3rd interior girder-bottom extreme fiber

bottom fiber drop beyond the cracking stress given by CSA-S6-14. Investigations
show that this case happens when the CL-800 trucks move together during a hot
summer day. After passage of the CL-800 trucks or colling down the girder the crack
will be closed again. So, considering on the temporary nature of this load case and
its low probability of occurrence, this exceptional case was accepted, since its effect
on durability will be negligible.
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5 Impact of Soil Settlement on the Existing and New Piles
at the Abutments

The abutments of the existing bridges were structurally designed as semi-integral
abutments including abutment seat, wing walls and roof slab. The abutment seats are
supported by two rows of H310 × 110 steel driven piles, with each row consisting
of eleven piles. The front row of abutment piles (towards the E-W roadway) consists
of battered piles with 5V:1H inclination while the second row has all vertical piles.

Another challenging complication in this project was the impact of potential
settlement, due to the addition of the new abutment backfill for the widening portion
of the structure, on the existing and new driven steel piles at the abutments. The
thickness of new embankment fills at the abutments reaches nearly 1.7 m in some
areas. The settlement due to the weight of new embankment not only produces drag-
down forces for both new and existing piles in direction parallel to the piles, but in
case of the battered piles it also produces additional bending due to the settlement
component in the direction perpendicular to the piles (Fig. 14).

The geotechnical investigations determined that around the new piles (widening
area), the addition of backfill is expected to cause approximately 15 mm of vertical
settlement at the surface. The settlement diminishes to zero at a depth of approxi-
mately 11 m below the ground surface. Additionally, around the existing piles, the
surface settlement was determined to be approximately 7 mm, diminishing to zero
at a depth of approximately 10 m below the ground surface.

To evaluate the induced loads along the piles, the soil settlement in the direction
parallel to the pile axis was used in combination with the unit shaft and end-bearing
resistances of the pile to estimate the axial drag loads. To evaluate the induced
bending in the battered piles, the soil settlement in a direction perpendicular to the
pile axis was used in combination with the soil spring forces provided to estimate
the magnitude of soil loadings acting perpendicular to the pile axis.

The above-mentioned approach was utilised to implement finite element models
in Advance Design America [6]. The model considered the section losses due to
corrosion in the existing abutment piles (Fig. 15).

Fig. 14 Additional embankment required for abutment widening (left), plan of the widening
abutment (right)



Design Challenges of the Widening of an Existing Bridge … 145

Fig. 15 Induced forces in the existing and new abutment and grade beampiles due to soil settlement
caused by the addition of embankment

The results of the analysis show that the induced axial drag-down forces due to
the soil settlements for the vertical piles would be 372 and 409 kN for the existing
and new vertical piles respectively. The axial drag-down forces for the existing and
new battered piles would be 365 and 401 kN respectively. The maximum additional
induced bending moment due to the soil settlement in the existing and new piles
would be up to 9.6 and 13.1 kNm respectively. The results of this study showed that
the capacity of the existing and new piles to bear the induced forces due to the soil
settlement in addition to the axial gravity loads from the structure was satisfactory.

6 Conclusion

Widening of post-tensioned concrete bridge decks has been a continuous challenge
for bridge engineers. Widening using similar post-tensioned deck is specifically
problematic since the time-dependent deformations in the new deck could increase
the stress levels beyond the cracking threshold within the existing deck and common
solutions may lead to significant construction delays.

This article introduces an innovative solution by using a steel composite deck that
is initially erected at an elevated position and after sufficient hardening of the deck
slab, is lowered to its final position. The analyses show that, as intended, the induced
compressive stresswithin the new slab serve as prestressing forces and are expected to
prevent cracking of this slab around the region with negative bending moments. The
closure pour between the decks is intended to be cast 16 days following the lowering
of the new deck tominimize the stresses caused by differential deformations between
the existing and new decks. Such effects, and the increase of the design live load
to CL-800 were investigated by developing a 3D finite element model. The study
illustrates that along a short length of few girders the tensile stress can go slightly
beyond the cracking stress allowed by code. Such a case occurs when CL-800 trucks
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move together during a hot day of the summer. It was concluded that after the passage
of the trucks the cracks will be closed again.When these two loads are not concurrent
the tensile stress will not exceed the acceptable limits.

Additionally, the impacts of soil settlement due to new abutment embankment
fills on the existing and new abutment piles were studied. As expected, the impact of
the soil settlements on the battered piles was more significant than that of the vertical
piles. However, the analysis showed that the additional efforts were not significant
to cause damage within either the existing, or new, abutment piles.
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Assessment of Fatigue Design Provisions
for Bridge Elements with Very Short
Influence Lines

A. Chehrazi, M. Y. X. Chien, and S. Walbridge

1 Introduction

Fatigue failure has always been a significant problem in bridge structures. Therefore,
preventing this failuremode is a primary task for bridge designers. The typical design
approach in bridge codes involves passing a truck model over the influence line of
an element of interest and determining the stress range caused by the truck model.
This stress range is then multiplied by a fatigue correction factor and compared with
an allowable stress range, known as fatigue resistance. Inaccurate fatigue correction
factors can significantly influence the reliability of this approach. The fatigue correc-
tion factor can be obtained/calibrated using a code truckmodel, a real traffic database,
a bridge model, etc. Given the possibility of changes in the truck weight distribution
of the real traffic, regular calibration of fatigue correction factors is essential.

Design codes typically specify two separate correction factors, one for finite and
another for infinite life design. Several works have investigated finite life factors, also
known as damage equivalence factors. [5] presented a simulation-based method to
determine these factors for finite life design. [2] used thismethod to calibrate the finite
life factors in North American bridge design codes for welded aluminum highway
structures and evaluate the possible effects of overload trucks on these factors. [4,
7] discussed the influences of simultaneous truck crossings on the finite life factors,
again for North American bridge design codes.
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Despite these works on the finite life factors for details with varying influence
line length, no study to date has studied these factors for components with a focus
on very short influence lines (e.g., elements spanning transversally). With this in
mind, the current paper first reviews the fatigue design criteria of the Canadian
Highway Bridge Design Code, CSA-S6. It then presents the steps for determining
the fatigue correction factors, and finally, evaluates these factors for elements with
very short/short influence lines.

2 Background

2.1 Fatigue Design According to Canadian Bridge Design
Code

According to [1], given normal traffic conditions, each structural detail must satisfy
the following:

λ1 · fsr < Fsr (1)

where λ1, the damage equivalence factor, is equal to 0.52 for all structural details
except elements in bridge decks; fsr is the nominal stress range at the structural
component of interest due to the passage of the code truck, and Fsr is the fatigue
resistance of the component and can be determined as follows:

Fsr =
(

γ

Nc

)1/3

(2)

If Fsr =
(

γ

Nc

)1/3

< Fsrt then Fsr =
(

γ ′

Nc

)1/5

≥ Fsrt

2
(3)

where γ and γ ′ are fatigue life constants, Fsrt is the constant amplitude threshold
stress range of the detail, and Nc is the estimated number of truck passages during
the design life of the bridge and can be calculated as follows:

Nc = 365 · y · Nd · ADTTf (4)

in which y is the design life (typically 75 years), Nd is the number of stress cycles
for each passage of the code truck, and ADTTf is the single-lane average daily truck
traffic.
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2.2 Infinite Fatigue Life Correction Factor

Based onEqs. 1–3, a componentwith “infinite” fatigue lifemust satisfy the following:

0.52 fsr <
Fsrt

2
(5)

This equation can be rewritten as follows:

λ2 · fsr < Fsrt (6)

Equation 6 is similar to Eq. 1. However, λ2 is the infinite life correction factor and
is equal to 1.04 (= 0.52·2) based on the current version of the CSA-S6 design code.

3 Methods

3.1 Damage Equivalence Factor, λ1, Calculation Procedure

This paper employs the method described by [5] to determine damage equivalence
factors for bridge structural elements. Based on this method, a damage equivalence
factor can be determined using a real traffic database, a code truck model, and the
influence line of a detail of interest. The calculation procedure is as follows:

1. The trucks in the real traffic database are passed over the influence line of the
detail of interest.

2. The load effects are computed based on the axle loads of the trucks and the
influence line of the detail, and the peak values of the load effects are recorded.

3. A rainflow cycle counting method (e.g., [3]) is used to generate a stress range
histogram based on the peak values stored in Step 2. The histogram values are
then divided by the total number of trucks in the real traffic database to generate
a histogram with the average occurrence frequencies in each stress range bin.

4. The code truck model is passed over the influence line, and the stress range at
the detail of interest due to single code truck passage is determined.

5. The stress range histogram in step 3 is scaled to the total expected number of
passing trucks during the design life of the bridge, Nc.

6. The S-N curve for the detail category of interest is displaced vertically until the
damage caused by the stress ranges in the histogram of Step 5, Dreal , equals
1. Then, the parameter used to vertically displace the S-N curve is recorded,
Mreal :

Log10(N ) = Log10(M) − m · Log10(�S) (7)
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7. The S-N curve for the detail category of interest is displaced vertically until the
damage caused by the code stress range, found in Step 4, in Nc cycles, Dcode,
equals 1. Then, Mcode is recorded.

8. It can be shown that the damage equivalence factor can be determined as follows:

λ1 =
(
Mreal

Mcode

) 1
m

(8)

where m is the initial slope of the S-N curve.

3.2 Infinite Life Correction Factor, λ2, Calculation Procedure

As shown in Eq. 6, for infinite life design, the code stress range is multiplied by
the infinite life fatigue correction factor and then compared with a fatigue threshold.
This factor accounts for the difference between the stress range caused by the code
truck and the peak stress range in the real stress range histogram. A component under
variable amplitude cyclic loading has an infinite life (for practical purposes) if only
0.01% of the cycles pass the constant amplitude threshold stress range according
to various sources, e.g. [6]. This definition is mainly used for variable amplitude
fatigue tests. However, generated histograms show that the average number of cycles
per truck passage is usually more than one cycle, especially for elements with very
short influence lines. Therefore, a per truck definition is used in the current study, and
instead of a 1/10000 recurrence rate, a recurrence rate of 1/(10,000·average number
of cycles per truck passage) is employed. An infinite life correction factor can be
determined using a real stress range histogram and a code stress range, respectively
based on Steps 3 and 4 of the method developed by [5]. Given the stress range with
1/(10,000·average number of cycles per truck passage) recurrence rate from the real
stress range histogram, ΔS1/10000, and the code stress range, ΔScode, the infinite life
correction factor, λ2, can be calculated as follows:

λ2 = ΔS1/10000
ΔScode

(9)

Several methods can be used to determine ΔS1/10000 from the real traffic stress
range histogram. In this paper, a normal distribution is fitted to the tail of the
histogram. The following equation is used to fit the normal distribution to the stress
range histogram of the real traffic:

� f p = mnormal · �−1(p) + bnormal (10)

where p is the percentile and�−1 is the inverse of the standard normal distribution.
The top 10% range, i.e. the 90th to 99.9th percentiles, is used for tail fitting. Because of
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the limited size of the real truck database, results in the top 0.1% range are inaccurate
and therefore not used in the curve fitting process.

4 Simulation Parameters

Two real truck traffic databases from the Ontario Ministry of Transportation are used
in this study. These databases include axleweights, and the spacing between the axles
of each truck. The first database, obtained in 1995, includes 10,198 trucks and the
second one, obtained in 2012, includes 45,192 trucks. The histograms of the gross
vehicle weight, GVW, of these databases are shown in Fig. 1.

Fig. 1 GVW histograms for MTO 1995 a and MTO 2012 b databases

Fig. 2 CSA-S6 truck model
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The design truck model from CSA-S6 is used in this work (see Fig. 2). This
5-Axle truck model has a GVW of 625 kN (62.5 tonnes). Based on the detail cate-
gory, different dynamic load allowance, DLA, values are specified in CSA-S6. For
example, this factor is 0.5 for deck joints, and 0.4 if only one axle of the design truck
model is used. In this work, however, the DLA has no practical effect on the results
because the same value is used for both real traffic and the design truck.

Four different highway classes, A, B, C, and D, with ADTTs of 50, 250, 1000,
4000 respectively, are evaluated in this work. Based on CSA-S6, an Nd value of 2 is
employed for elements with influence lines shorter than 12 m, and an Nd value of 1
is used for elements with influence lines longer than 12 m. Three detail categories,
A, C, and E, with different S-N curves are considered (see Fig. 3).

Two influence line types are employed to evaluate the possible effect of the shape
of the influence line on the fatigue factors: ps-m, the positive bending moment at
mid-span for a simply supported element, and ps-r, the support reaction of a simply
supported element. To cover details with short influence lines, several influence line
spans are considered, namely: 0.1, 0.2, 0.5, 1, 2, 3, 5, 10, and 20 m (Fig. 4).

Fig. 3 S-N curve of evaluated detail categories from CSA-S6
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Fig. 4 Studied influence
lines

5 Results and Discussion

5.1 Damage Equivalence Factor Results for Finite Life
Design

Sample of damage equivalence factor results for the MTO 1995 and MTO 2012
databases are shown in Fig. 5. The results are the same for details with influence
lines shorter than 1 m; because the spacing between the subsequent axles of the
code truck is more than 1 m, and only a small percentage of the trucks in the real
traffic databases have axle spacings shorter than 1 m. Therefore, the results based
on influence lines with a length in this range are only a function of individual axles
of the trucks, and the shape/length of the influence lines cannot affect the results.
However, for elements with longer influence lines, the results are also a function
of other parameters including the spacing between the axles of the trucks and the
shape/length of the influence lines. As can be seen, for elements with longer influence
lines, the correction factors generally increase with an increase in the length of the
influence line. However, the combined effects of the several mentioned parameters
cause slight fluctuations in the results.

Fig. 5 Sample finite life factor results for a Category A detail with an ADTT of 4000, based on
MTO 1995 database a and MTO 2012 database b
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Fig. 6 The effect of ADTT on finite life factors for a Category A detail

Figure 6 shows the effect of ADTT on damage equivalence factors for a Category
A detail. The factors in this figure are the average results for the two studied influence
line shapes. As can be seen, the damage equivalence factors increase with an increase
in ADTT. The results based on the MTO 2012 database are higher than the results
based on the MTO 1995 database. This is because of the heavier trucks in MTO
2012 database, which can be seen in Fig. 1. The factors for details with influence
lines shorter than 4 m are lower than the current code value (0.52) in all cases.
However, factors for details with longer influence lines are higher than the code
factor, especially when the MTO 2012 database is used.

In Fig. 7, the results for different detail categories with two commonly used
ADTTs, 1000 and 4000, are compared. As can be seen, the results with an ADTT
of 4000 trucks per day are very close to each other. However, slight differences can
be seen in the results with an ADTT of 1000 trucks per day, especially for members
with longer influence lines. The results for the different detail categories show that
the code correction factor is conservative for elements with very short influence
lines, where only the weights of single axles of the trucks are effective. However, for
elements with longer influence lines, several factors affect the results, and the code
factor may err on the unconservative side under certain conditions.

5.2 Infinite Life Results

The results for the infinite life fatigue correction factors are shown in Fig. 8. As can
be seen, the fatigue correction factors are lower than the code value for very short
influence lines (L < 1 m) for both the MTO 1995 and 2012 databases. In this range,
only the individual axle loads of the trucks are playing a role. It can be seen that
the code factor is unconservative for elements with longer influence lines; for these
elements, the results are a function of the weight of the truck or the combined effects
of more than one axle. Similar to the finite life damage equivalence factor, the infinite
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Fig. 7 The effect of detail category type on the finite life factors

Fig. 8 Infinite life factors based on MTO 1995 a and MTO 2012 b databases

life factors are higher based on the MTO 2012 database, as it includes heavier trucks
in comparison with the MTO 1995 database.

In Fig. 9, the histograms of the maximum axle weights of the trucks in the
employed databases are shown. The weight of the heaviest axle of the code truck is
17.5 tonnes (175 kN). As can be seen, a very small percentage of the trucks in both
databases has an axle heavier than 17.5 tonnes. However, the percentage of trucks
that are heavier than the code truck is much higher. This is the main reason for the
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Fig. 9 Maximum axle weight histograms for trucks in MTO 1995 a and MTO 2012 b databases

higher fatigue correction factors for elements with longer influence lines; because
the factors are a function of individual axle loads of the trucks for elements with very
short influence lines, and a function of the combined effects of two or more axles of
the trucks, or possibly even the gross vehicle weights of the trucks, rather than the
individual axle loads, for elements with longer influence lines.

6 Conclusions

Based on the presented results in this paper, the following conclusions can be drawn:

• The fatigue factors in the Canadian bridge design code, CSA-S6, are conservative
for elements with very short influence lines (L < 1 to 4 m) and it may therefore
be reasonable to consider lower fatigue factors for the design and assessment of
these elements.

• Fatigue factors increase with an increase in the length of the influence line of
structural details. For very high traffic volumes and longer influence line spans,
the calculated factors exceed the current code values of 0.52 (finite life) and
1.04 (infinite life). However, this may be due in part to the fact that only two
influence line shapes were considered in the current study. (Note: other factors
that may justify an increase in these factors for longer spans (e.g. the influence of
simultaneous truck crossing events) are discussed elsewhere, and not considered
in this paper.)

• The different findings in this paper for long and short spans can be explained by
the fact that the available Ontario real truck databases appear to have a higher rate
of occurrence of gross vehicle weights exceeding the weight of the code truck
(62.5 tonnes) than individual axles exceeding the maximum axle weight of the
code truck (17.5 tonnes).
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A Comparative Study: Seismic
Deformability and Strength
of Non-conforming Columns

F. Dameh and S. J. Pantazopoulou

1 Introduction

It has been observed in reconnaissance reports following previous strong ground
motion events that many structural components constructed prior to the introduction
of modern seismic design concepts (e.g. before the 1980’s in the Western world)
exhibit premature failures which prevent these components from developing their
intended full deformation capacity and strength [15]. Structural deficiencies may be
associated with substandard detailing and dimensioning that was mainly based on
allowable stress design with no emphasis on the confining function of adequately
anchored stirrups. Therefore, substandard R.C buildings may collapse due to local-
ization of failure in few locations of the building prior to redistribution of stresses [2,
5, 9, 11]. Premature mechanisms leading to localized failures may include buckling
of compression reinforcement, slip of longitudinal reinforcement due to the pres-
ence of poorly confined lap splices in the plastic hinge zone region-which was a
common practice more than 40 years ago-, crushing of concrete in the member web,
etc.). Those types of structural components which do not comply to modern seismic
provisions are labeled henceforth nonconforming members [7].

Nonconforming members exist in a large number of concrete structures across
Canada. They are a result of older methods of construction prior to the earthquake
engineering community worldwide could reach a thorough understanding of the
mechanics of seismic resistance of RC; such structures are deemed unsafe according
to current building codes [14]. Therefore, there is a need for improved understanding
of the critical mechanisms governing the deformation capacity and strength of RC
structures, along with better calibration of the prevalent assessment model.
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2 Analytical Models

Using an advanced finite element software (ATENA V.5 3D Engineering) a series
of benchmark columns are modeled considering different effects of detailing repre-
senting nonconforming construction [4]. All columns are subjected to monotonic
loading. Using ATENA Studio (ATENA Studio ×64V.5.6.1. 17,830) the resistance
curves for the columns were calculated and the deformation and strength capacities
were recorded to form a data base for a comparative study. Figure 1a presents the
five different cases of column models considered, with differences in longitudinal
reinforcement detailing: (1) The longitudinal reinforcement bars are fully anchored
into the foundation with a 90° hook, (2) Bars are lap spliced over a lap length of
15Db, (3) Bars extend into the foundation with an anchorage length of 15Db, (4)
The column has a deep cross Secttion (700 mm depth), (5) A hinge is fabricated at
the base of the column—where the longitudinal reinforcement crosses the center of
the cross section and therefore produces a zero moment point. Each case of longi-
tudinal detailing shown in Fig. 1a is modeled with different combinations of axial
loading (10, 35, 50% of crushing), longitudinal reinforcement (shown in Fig. 1b)
and stirrup spacing (100- and 200-mm stirrup spacing) with 8 mm stirrup diam-
eter. The column identification code is as following: The first numeral following
the letter C (for Column)-for example C35-corresponds to the normalized axial load
ratio applied to the columns which in this case is 35% of the crushing load, followed
by the section ID number (each section contains a different amount of longitudinal
reinforcement, so as to control the hierarchy between flexural and shear demands as
shown in Fig. 1b) whereas the last number digit in the numeral represents the stirrup
spacing in cm along the length of the shear span of the column.

(1) (2) (3) (4) (5) 

(b) 

0.4 m 

Ф8 mm/ 200  

or 100 mm spacing  

4Ф18  

mm per 

face  

0
.3

5
 m

  

Section 1 

25 mm 

0.7 m  

Ф8 mm/ 200 or  

100 mm spacing  

2Ф18 mm 

 per face  0
.3

5
 m

  

Section 2/ Case 4 

4Ф18 mm  

per face  

0
.3

5
 m

  

Ф8 mm/ 200 or 

100 mm spacing  

Section 1/ Case 4 

0.4 m 

2Ф18 mm per face  

Ф8 mm/ 200  

or 100 mm spacing  

0
.3

5
 m

  

Section 2 

(a) 

Fig. 1 a Column cases and detailing (all dimensions are in m). b Section geometry
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The columns are modeled using 3D macro elements. The columns have a clear
length of 3 m. The foundation is modeled as a block with dimensions (0.9 × 0.9
× 0.7) m. A symmetrical beam block is assumed at the top to enable application of
lateral load. The dimensions of the foundation are increased for case 4 to (1.2 × 1.2
× 0.7) m.

2.1 Finite Element Model

The cases in Fig. 1a were modeled using a laterally swaying cantilever model with
a shear span length equal to half of the column’s deformable length (3/2 = 1.5 m).
Moreover, due to symmetry half the cross section was modeled. The columns were
discretized into 3D brick elements (8 nodded) with a brick size ranging between
0.025 m for the bottom portion of the column (0.5 m) and 0.05 m for the rest of the
column. The reinforcement is modeled through 1D reinforcement truss elements.
The columns were modeled with a stiff steel plate on the top and side of the column
to eliminate localized failure when applying axial and lateral loads. The axial load
was applied in the first analytical step followed by monotonic steps of 0.4 mm lateral
displacement until columns would completely fail. The bottom surface nodes of the
foundation are restrained from movement in x, y and z directions. The section’s
symmetrical plane was restrained from movement in the x-direction (the direction
perpendicular to the symmetrical plane). Two monitor points were placed at the
point of lateral displacement application. One for recording the reactions and one for
displacements. The reported reactions represent the entire cross section. Therefore,
the load-displacement (monotonic resistance envelopes) are obtained.

2.2 Material Models

2.2.1 Concrete and Reinforcement Stress-Strain Relationships

NonlinearCementitious2 User material was used to model concrete behaviour. This
model uses a combination of plasticity and fracture relationships to simulate the full
range of inelastic stress-strain behavior of concrete [3]. The cracked stiffness in this
model was calculated using the help of the retention shear factor rg as described in
Eq. 1, whereas the strain value in tension or compression is calculated in this model
as shown in Eq. 4 [3].

E
′cr
ijij = rg. G/

(
1 − rg

)
(1)

G = rg.Gc, (2)
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Fig. 2 Concrete stress strain curve for different sections and transverse stirrup spacing

Gc = Ec/2 · (1 + v) (3)

If εf1 < εfloc, ε = εf1 else ε = εfloc + (
εf1 − εfloc

) Lt

Lt
ch

(4)

In the above, E
′cr
ijij is the cracked stifness, rg is the minimum of the shear retention

factor on cracks in both directions i and j, G is the elastic shear modulus, and the
retention shear factor is defined in Fig. 2a. Lc

ch and Lt
ch in Eq. 4 represent a size for

which the diagram in tension and compression is valid and decreases the dependency
on the mesh [3]. For the column models 0.03 and 0.050 m are used for Lc

ch and Lt
ch

respectively with trial and error so as to capture an appropriate response. Lt and Lc

represent the crack band size and crush band size respectively. Parameter ε is the
strain tensor at the finite element integration points. The localized softening strain
in compression is defined as the strain corresponding to the maximum compressive
strength after subtracting the linear portion of the stress strain curve [3]. The localized
softening strain in tension is assumed 0 for plain concrete thus no hardening occurs
after the first crack initiates [3]. Concrete compressive strength for the unconfined
concrete used is fc = 30MPa, Ec = 30,000MPa and v= 0.2. The stress strain curve of
concretewas determined based onHognestad’s parabola [8] for the ascending branch.
Kent and Park [10] softening branch model was used to model the concrete cover.
Modified Park and Kent [16] was used to model the confined core. The stress strain
relation for concrete is shown in Fig. 2 for all cases of longitudinal and transverse
reinforcement ratios.The mechanical properties used for transverse and longitudinal
reinforcement are listed in Table 1.
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Table 1 Longitudinal and transverse reinforcement properties

Longitudinal reinforcement: (ASTM
A706 grade 60 ksi)

Transverse reinforcement: (ASTM
A615 grade 40 ksi)

Yield strength 414 MPa 276 MPa

Ultimate strength 552 MPa 483 MPa

Strain rupture 120 mm/m 120 mm/m

2.2.2 Reinforcement Bond

The longitudinal reinforcement is connected to the concrete through interface springs
endowed with a proper bond stress-strain relationship to allow the slip between the
bar and concrete. In this manner pullout or splitting behavior of the longitudinal
reinforcement can be considered. The bond stress-slip relationship was determined
based on fibModel Code 2010 [13] assuming good bond conditions. Splitting failure
is estimated to occur along the shear span of the column. For the case of 100 mm
stirrup spacing the maximum bond strength was used as shown in Eq. 5. However,
in the case of 200 mm stirrup spacing the unconfined maximum bond stress was
used as shown in Eq. 6, as the effective confining pressure in this case is, Ke < 0.3.
Equation 7, 8, 9 and 10 are used to calculate the milestone points of the bond-slip
relationship. Bond strength Tmax is calculated as 2.5

√
fc. The residual strength for

the 100 mm stirrup spacing case is 0.4*Tmax. A value of 0 is assumed for the residual
strength for lower confinement according to the code. The bond stress-slip relation
used for the column models are shown in Fig. 3.

T1
u,split = 8.(fc/25)

0.25 (5)

T2
u,split = 7.(fc/25)

0.25 (6)

For slip calculations:

To = Tmax.(s/s1)
0.4, for 0 <= s <= s1 (7)

Fig. 3 Bond stress-slip
relationship
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To = Tmax, for s1 <= s <= s2 (8)

To = Tmax(Tmax − Tf).(s − s2)/(s3 − s2), for s2 <= s3 (9)

To = Tf, for s3 < s, where, Tmax = 2.5.fc0.5 (10)

3 Results and Analysis

3.1 Deformation and Strength Capacities and Modes
of Failure for Cantilever Models

Table 2 displays the deformation capacities and strengths for each case shown in
Fig. 1a. The strength is plotted against the drift ratios (which is defined as the displace-
ment divided by the length of the shear span (1.5 m)) as shown in Fig. 4. To make
a fair comparison of the different resistance curves in order to reveal the influence
of the parameters studied, the apparent loss of lateral load resistance owing to P-�
effect was eliminated in the plots by adding the product of the axial load multiplied
by the drift ratio at each point. Figure 5 depicts the failure of the columns under
ultimate loading capacity.

4 ASCE/SEI 14/17 and Eurocode 8-Part III 2005
Deformation Capacity Correlation

The deformation capacities at different performance stages using the ASCE/SEI
14/17[1] and Eurocode 8 III 2005 were calculated. The performance levels are deter-
mined in the codes at Near Collapse (NC), Significant damage (SD) and damage
limitation (DL) performance limit states in the Eurocode 8 [6] which corre spond to
Collapse prevention (CP), Life safety (LS), Immediate Occupancy (IO) respectively
in the ASCE/SEI 14/17. Figures 6a, b and c plots the 3 limit stages according with
the ASCE/SEI 14/17 plotted against the model analytical data. Similarly, Fig. 6d, e
and f illustrates the performance levels in the Eurocode 8 III [6] plotted against the
model data.

Figure 5 depicts the mode failures of the columns. Where Fig. 5a is for set 1, b is
for set 2, c is for set 4, and e is for set 5.
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Fig. 4 Load-displacement for all cases of longitudinal reinforcement. Here, the drift ratio is defined
as the displacement of the column divided by the column’s shear span length
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a.C10-1-10 a.C10-1-20 a.C10-2-10 a.C10-2-20 a.C35-1-10 a.C35-1-20 

a.C35-2-10 a.C35-2-20 a.C50-1-10 a.C50-1-20 a.C50-2-10 a.C50-2-20 b.C10-1-10 

b.C10-1-20 b.C10-2-10 b.C10-2-20 b.C35-1-10 b.C35-1-20 b.C35-2-10

b.C35-2-20 b.C50-1-10 b.C50-1-20 b.C50-2-10 b.C50-2-20 c.C10-1-10 

Fig. 5 Column failure modes at near collapse state. Strain XX are the longitudinal strains in
reinforcement and strain ZZ are the strains in concrete



A Comparative Study: Seismic Deformability … 169

c.C35-2-10 c.C35-2-20 c.C50-1-10 c.C50-1-20 c.C50-2-10 

c.C50-2-20 d.C10-1-10 d.C10-1-20 d.C10-2-10 d.C10-2-20 

d.C35-1-10 d.C35-1-20 d.C35-2-10 d.C35-2-20 

c.C10-1-20 c.C10-2-10 c.C10-2-20 c.C35-1-10 c.C35-1-20

Fig. 5 (continued)

5 Discussion and Conclusions

This study investigated the deformation capacity and its correlation to the assessment
codes at three performance levels (acceptance criteria). Columns with well confined
stirrups provided larger deformation capacities. The column’s shear strength started
to vary at high axial loads, indicating stirrup yielding and shear failure. Moreover,
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Fig. 6 Code estimated rotation capacities vs. values from F.E. Models a–c Limit states from
ASCE/SEI 41-17; d–f Limit states from Eurocode 8-III

it wa s found that the effective yielding increased with the increase of the axial
load. A decrease in the effective yielding at an axial load of 50% was found due
to the occurrence of concrete crushing failure. The hinge fabrication at higher axial
loads was excluded from this behaviour as reinforcement slips were present at lower
axial loading. Moreover, column yielding was delayed at low axial loads in the
case of lap spliced column. This is due to the delay in the longitudinal reinforcement
yielding due to the increase of slip. It is also concluded that the column’s deformation
capacities decrease with an increase in the axial loads. Columns with low axial load
failed due to splitting. The crushing of concrete is also present at 50% crushing
load, limiting longitudinal bar yielding especially in the cases of low confinement.
The effect of the longitudinal reinforcement detailing present in the lap splice and
short anchored reinforcement was attenuated with the increase of the compressive
loading. Thus, the reinforcement slip from the foundation was mitigated when lateral
displacements were applied. At lower axial load stronger deterioration of ultimate
deformation capacities occurred as these columns were dominated by the pullout
slip of the reinforcement. It should also be noted that the pullout demand in these
cases for columns lightly reinforced are less affected. This was observed due to the
prevalence of flexural yielding. For deep cross sections, the larger internal lever arm
also increased the shear demand. Shear failure could occur at lower shear strengths
with lower deformation capacities.

The ASCE/SEI 41-17 procedures showed better correlation to the rotation at
yielding when compared to deformation capacities from models as opposed to
the Eurocode 8 III [6]. This is because shear force demands are considered in
calculating the rotation capacities in the ASCE/SEI 41-17. For the second set (the
lapped splice), the finite element models show a decrease in the yield rotation
compared to columns in the first set (columns with continuous reinforcement).
This increase is attributed to the increase of slip rotations along the reinforce-
ment bar. However, this is not reflected in the assessment codes properly. The codes
demand a decrease in the slip rotation in a lapped splice column at yielding compared
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to columns with full anchorage. Generally, the assessment codes show a decrease
in the life safety/significant damage state with the increase of the axial load for
all column cases. However, from the finite element models it was found that this
trend was not applicable to columns that fail ultimately due to reinforcement slips,
which are columns in set 2 and 3 (lapped splice and short anchorage length) that
have high reinforcement ratios. This is because the compression forces of the axial
loadmitigate the pullout forceswhen applying lateral load. In the case of 50% the ulti-
mate rotations decrease, as the column were controlled by concrete crushing rather
than pure slip. At Near Collapse or Collapse Limit state the scatter increased when
the column was controlled by crushing of concrete according with the Eurocode at
higher axial loads.However, accordingwith theASCESEI 14/17, values successfully
matched the calculated ones in computing the deformation capacities when concrete
crushing failure controlled. The Eurocode 8 III [6] showed lesser correlation to the
computational results for columns failing ultimately in buckling/shear.
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Fretting Fatigue Characterization
of Bolted Steel Connections
with Different Surface Treatments

Alireza Zangouie, Leon D. Wegner, and Jacob Muthu

1 Introduction

Slip-critical bolted steel connections are preferred over bearing-type connections
when fatigue is a design consideration.However, they are prone to developing fretting
damage caused by the inevitable micro slip between the contacting surfaces under
repetitive loading conditions, which can lead to fretting fatigue failure [15]. Although
significant progress has been made to improve the fretting fatigue performance of
bolted connections, there is still a lack of understanding of the fatigue behaviour of
slip-critical connections due to its intrinsic complexity.

Fretting is caused by a repetitive relative displacement between contacting
surfaces in the presence of a force acting normal to the surface combined with an
externally applied cyclic load acting parallel to the surface [5]. The small amount
of relative displacement induces a frictional force along the contact interface. The
combination of normal load, frictional force and cyclic axial load develops stress
concentration sites resulting in the nucleation of surfacemicro cracks,which coalesce
into a leading crack thatwill eventually result in failure [8]. In general, fretting fatigue
failure occurs in two stages: crack initiation and crack propagation.

There are many factors that can affect the fretting fatigue behaviour of bolted steel
connections, including bolt preload, surface finish, coefficient of friction, magnitude
of relative displacement in the contact area, bolt arrangement, joint geometry,material
properties, stress ratio and frequency of the applied cyclic loads [9]. A considerable
amount of research has been carried out to provide a better understanding of the
effects of these parameters on fretting fatigue, but among those requiring further
investigation, the effect of surface finish is still not completely understood.
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There are various engineering techniques used to modify contact surface quality
to enhance fretting fatigue strength, such as shot peening, laser peening, turning,
grinding and coating [13]. Three different surface conditions are adopted for slip-
critical connections inCAN/CSA-S16-14, including cleanmill scale (ClassA), blast-
cleaned surface or blast-cleaned surface with class B coating (Class B) and hot-
dip galvanized (Class C) [2]. Blast-cleaning (shot-blasting or sand-blasting) is a
technical treatment that is used to remove scale and contamination from the surface
by bombarding it with various media like metal shot or sand. Blast-cleaning can
produce compressive residual stress on the surface of the material, which potentially
reduces the risk of crack propagation [9]. This technique generates a localized plastic
flow on contact surface leading to work hardening and surface roughening [16].

Although various research studies have been undertaken to investigate the effect of
different surface treatments on the fretting fatigue life, a limited amount of research
has been carried out on the fretting fatigue behaviour of blast-cleaned surfaces (Class
B). Among the studies that address the topic, contradictory conclusions have been
reported, asmentionedby [16]. For example,Naidu andRaman [9] reported that sand-
blasting improved the fretting fatigue strength significantly, while Yue and Wahab
[16] stated that increasing the surface roughness by sandblasting decreased the fret-
ting fatigue life. On the other hand, Cullimore [3] and Frank and Yura [4] concluded
that shot-blasting does not affect the fatigue strength noticeably. The present inves-
tigation was conducted to investigate experimentally the effect of different surface
treatments identified in CAN/CSA-S16-14 [2] on the fretting fatigue behaviour of
bolted connections in terms of severity of surface damage, crack initiation location,
orientation of initiated crack, and total fatigue lifetime.

2 Experimental Details

2.1 Material and Specimen Geometry

A series of small-scale fatigue tests using double-lap joint bolted specimens was
conducted.Double-lap joint (DLJ) specimens are preferred over single-lap joint spec-
imens to avoid the undesirable bending effect caused by eccentric loading inherent
in the single-lap joints. As shown schematically in Fig. 1, the test specimen consisted
of three identical high strength steel plates made of CSA G40.21 300 W, and two
single 3/4′′ ASTM A325 bolts along with two suitable washers placed underneath
the bolt head and the respective nut. The properties of the plate material are given in
Table 1.

Before assembling the specimens, a two-step preparation process was performed
which involved drilling bolt holes and applying the surface finish. Two standard
19.5 mm diameter bolt holes were drilled and reamed at the centre of the specimen
with respect to its width, with an edge distance of 35 mm from the free edge of
plate. A series of tests was performed using plates with a Class A surface finish, and
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Fig. 1 Double lap joint bolted specimen used for fatigue tests

Table 1 Mechanical properties of CSA G40.21 300 W

Elastic modulus
(GPa)

Yield strength
(MPa)

Ultimate tensile
strength (MPa)

Poisson’s
coefficient

Elongation (%)

219 393 483 0.29 28.5

another series using plates with a class B surface finish according to CAN/CSA-S16-
14 [2]. The Class A surface was an unpainted clean scale finish that was achieved
by polishing the drilled plate using fine sandpaper, and then wiping the plates with
acetone to remove the oxide layer. The Class B surface finish was achieved by
sand-blasting the cleaned surface. The bolts were tightened using a calibrated torque
wrench to produce a pretension force of 145 kN in the bolt, as measured using a bolt
load cell.

2.2 Testing Procedure

The bolted joint specimens were tested using an MTS servo-hydraulic testing
machine with a capacity of 250 kN. The fatigue testing program is summarized
in Table 2. The fatigue tests were performed with a stress ratio R = −1 at a testing
frequency of 10 Hz using tension—compression cyclic loading (sine wave). Tests
were conducted at three different axial load levels, and at least three replicate tests
were performed for each condition.
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Table 2 Experimental matrix
of fretting fatigue tests

Label Contact
surface finish
type

Fatigue load
(kN)

Nominal stress
amplitude
(MPa)

F-A-145T-65 Class A 65 327

F-A-145T-80 80 403

F-A-145T-95 95 478

F-B-145T-65 Class B 65 327

F-B-145T-80 80 403

F-B-145T-95 95 478

3 Results and Discussion

3.1 Fretting Fatigue Life

Figure 2 shows the S-N curves obtained for specimens with the two surface treat-
ments, as identified by plotting the mean values of fatigue life for each of the six
conditions tested. Also shown is the standard curve for Detail Category B given in
CSA S16-14 for reference. Of significance is the fact that the data from the fatigue
tests lie above the standard S-N curve for bolted connections by a large margin, indi-
cating that the design curve is very conservative for the particular cases investigated

Fig. 2 Fretting fatigue stress range versus number of cycles to failure (S-N curves), with mean
values for fatigue life plotted for the two surface finishes
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here. From the experimental results, it can be concluded that using a Class A surface
finish significantly improved the fretting fatigue life of the bolted joints compared to
the Class B sand-blasted surface finish at the lowest stress amplitude. More specifi-
cally, sand-blasting significantly reduced the fretting fatigue life, by a factor of 50%
at the lowest stress amplitude of 327 MPa, while there was a negligible reduction in
the fretting fatigue life at the higher two stress ranges.

3.2 Surface Damage

All specimens were examined using microscope after failure to investigate the effect
of axial stress range and surface type on the fretting fatigue behaviour of the bolted
connections in terms of crack initiation site on the surface, crack initiation orientation
and severity of wear. Fretting damagewas visible in the contact area of all three plates
of each specimen, but failure due to fretting fatigue occurred in the middle plate in
all cases. On the side plates, fretting damage was more severe on the side closer
to the bolt head, indicating that a higher stress concentration exists under the bolt
head. Figure 3 confocal microscope images of the surfaces of the middle plate in the

Fig. 3 Fretting damage on the surface of the middle plates for specimens a F-A-145T-65, b F-A-
145T-80, c F-A-145T-95, d F-B-145T-65 e F-B-145T-80, and f F-B-145T-95
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Fig. 4 Average radius of
stick zone

vicinity of the bolt hole for representative samples for all six cases investigated. These
images illustrate that the bolt hole is surrounded by two roughly semi-circular zones
corresponding to the sticking and slipping regions. Crack initiation occurs some
distance from the bolt hole along the boundary of the sticking and slipping zones
(i.e., in the partial slip region) where the shear stress gradient is relatively high [1].
This location is identified as distance ‘d’, measured from the centre of the bolt hole,
and is plotted in Fig. 4 for each case. This figure shows that, in general, the surface
type did not change the average size of the sticking area significantly for specimens
subjected to the same axial stress range. The only exception is the joints subjected
to the lowest stress range, where using a sandblasted surface apparently decreased
the size of stick area. This may be due to the higher coefficient of friction between
faying surfaces that exists in the Class B surface compared to a Class A surface. All
cracks were initiated in the partial slip zone along the boundary of the sticking and
slipping areas, but crack initiation angle increased with increasing frictional force at
the contact interface i.e. combination of normal and external load [7]. Moreover, the
Class B surface type caused the cracks to initiate at an acute angle compared to Class
A surface (Mode II). After crack initiation, the cracks propagated in a transverse
direction, perpendicular to the direction of the cyclic loads under influence of tensile
stress (Mode-I failure).

3.3 Fractographic Examination

All specimens were sectioned and the fracture surface was inspected by scanning
electronmicroscope (SEM) to investigate the location of crack initiation, crack orien-
tation through the thickness and crack growth rate. The fractographs for specimens
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Fig. 5 SEM images of the fracture surfaces for specimens a F-A-145T-65, b F-B-145T-65, c
F-A-145T-95, and d F-B-145T-95

subjected to the lowest and highest axial loads are presented in Fig. 5. It is evident
that an increase of axial load and using a Class B surface type caused several cracks
to be initiated; however only a few of them grew sufficiently large to cause failure.
Cracks were initiated on the surface at angle of θ with respect to the surface under
Mode II due to the presence of a frictional force. It was found that when the initiated
cracks reached a critical length, they changed their orientation and propagated in a
mixed mode, and then in Mode I under the influence of cyclic axial load (Fig. 5(c),
(d)). It can be observed that primary cracks are orientated at +59° and −63° for
specimens with a Class A surface subjected to lower and higher axial cyclic loads,
respectively. On the other hand, the orientation of cracks in specimens with a Class
B surface type were observed to vary from 25° to +32°. Moreover, the transition
from Mode II to Mode I (the mixed mode transition) in the specimens under higher
cyclic loads occurred at a shallower distance into the surface, which means that the
effect of tensile stress on the crack propagation is more pronounced.

Faceted fracture with fine striations can be seen in Fig. 5(a), corresponding to
the near-threshold or lower Paris law fracture mechanism [12]. As can be seen in
Fig. 5(a) ratcheting of dislocations were formed along the persistent slip bands due
to shear stress. The density of striations is lower in specimen F-B-145T-65 compared
to F-A-145T-65, indicating that sand blasting has changed the mode of crack growth
from the low Paris law regime to the higher fatigue growth regime. Furthermore,
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the fine striations are less evident in the high amplitude of stress range due to the
presence of plastic deformation around the crack tips, leading to accelerated crack
growth rates (Fig. 5(c), (d)) [12].

3.4 Surface Roughness Measurements

The surface roughness of the contact surfaces of the middle plates along a line
across the width of the specimen close to crack path was measured by means of a
Mitutoyo SJ-201 roughness tester. Prior to the measurement, the fretted area was
wiped by acetone to remove wear scars due to fretting wear. The average arithmetic
mean deviation of the profile (Ra) for specimens subjected to the lowest and highest
stress ranges before and after testing are shown in Fig. 6. Generally, the sandblasting
process generated an initially rougher and more uniform surface as compared to the

Fig. 6 Surface roughness
profiles in the fretted areas
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polished surfaces. It was found that the oxide film and any initial debris were worn
down during the fatigue loading, and a new rougher surface formed in the slip region
[11]. Figure 6 indicates that the increase of surface roughness due to fretting wear for
specimens subjected to the lower stress range was larger than that of the specimens
subjected to the higher stress range.

NIS-Elements Imaging software along with a Nikon optical microscope were
employed to measure the intensity distribution of pixels over the surface. Intensity
surface plot or pixel intensity is used to quantify the characteristic of damaged zones
[10]. The intensity surface plot of specimens under low and high cyclic loads are
presented in Fig. 7. According to the figure, the amplitude of cyclic loads does not
noticeably affect the width and depth of fretting scars (indicative of the wear volume)
in the specimens with the rougher contact surfaces (Class B sandblasted surfaces),

Fig. 7 Intensity of surface plot in the fretted areas
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while the fretting scars of less rough surfaces (Class A polished surfaces) become
wider and deeper by decreasing the axial stress range, which may be due to greater
slippage in the contact area.

3.5 Discussion

Basedupon themeasurements andobservationsmentioned above, it can be concluded
that the sandblasted specimens with a rougher surface developed a somewhat smaller
slip area in the place of fretted scars and induced higher localized contact pressure in
the partial slip area.Also, Fig. 7 indicates that thewearmarks produced on theClassA
surface weremore uneven compared to the Class B surface, and as a result the contact
pressure acting on frettingwear zonewas decreased [14]. Thenormal contact pressure
over the stick region is higher than in the slip zone, and this produces a high stress
concentration at the boundary of the slip and stick areas. This stress concentration
is higher in the sandblasted specimens than in specimens with a Class A surface.
The higher stress concentration may contribute to the reduced the fretting fatigue
life in Class B surface specimens at the lowest axial stress range. Sandblasting can
produce a compressive residual stress in the surface layer, which is able to improve
the fretting fatigue life, however, the experimental results show that the impact of
the stress concentration is more dominant in this case.

It was also observed that the wear volume for the F-A-145T-65 specimens was
the highest among all specimens tested. The increased wear results in the effective
removal of existing flaws produced during the manufacturing process as well as the
removal of wear particles, thereby increasing the fretting fatigue life in comparison
to the sandblasted surface condition. On the other hand, the F-B-145T-95 specimens
had the lowest wear volume, which resulted in trapping more of the wear particles in
a smaller area and intensifying the stress concentration in the contact area, thereby
leading to the lowest resistance to fretting fatigue.

Finally, Hisakado [6] observed that wear volume and shear strength are inversely
proportional to the intensity of surface roughness. Since the sandblasted surface had
a higher initial surface roughness than the Class A surface, a lower shear strength
would be expected for the Class B surface, and this may also have contributed to
the observed reduction in the fretting fatigue life of specimens with the sandblasted
surface.

4 Conclusion

Anexperimental studywas carried out to investigate the effect of twodifferent surface
types (clean scale—Class A; and sandblasted—Class B), as identified in CSA S16-
14, on the fretting fatigue behaviour of double shear lap bolted joints subjected to
three levels of fully reversed cyclic loads. Fretting damage was visible on the contact
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surfaces of all plates in the double lap assemblies, but failure occurred due to fretting
fatigue in the middle plates in all cases. Cracks initiated on the surface of the middle
plates in the partial slip zone between sticking and slipping areas due to the presence
of a steep shear stress gradient underMode II loading, and then the cracks propagated
in Mode I perpendicular to the applied cyclic axial loads until final rupture. Based
on the experimental results, sandblasting the surface to produce a Class B surface
finish decreased the fretting fatigue life of specimens subjected to the lowest cyclic
loads, while it resulted in negligible decreases in fatigue life at higher cyclic loads.
The reduction in fatigue life may be attributed to the higher frictional force that
exists on the Class B surface in comparison to the Class A surface. Specimens with a
Class A surface subjected to the lowest stress range developed higher wear volumes
that effectively removed existing microcracks, thereby significantly increasing the
fretting fatigue life. In addition, the smaller fretting area observed on the sandblasted
Class B surfaces is indicative of higher localized contact pressure and greater stress
concentration compared to the Class A surface, which reduced the number of cycles
to crack initiation. These results suggest that a Class A surface is preferred for faying
surfaces of bolted connections that are subjected to repetitive loading.
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Time-Frequency Assisted Deep Learning
for Crack Localization Using Acoustic
Emission Data

Mohamed Barbosh, Kyle Dunphy, and Ayan Sadhu

1 Introduction

Large-scale infrastructures such as towers, bridges, roads, and dams are subjected
to deterioration due to exposure to the surrounding environment and applied loads
which significantly affects their overall life-span. The structural integrity of these
infrastructures can be monitored and evaluated using sensor-based structural health
monitoring (SHM) techniques. SHM is able to provide useful information about the
existing condition of the structure that can prevent any abnormal behaviour and avoid
catastrophic failure [1]. Acoustic emission (AE) is a nondestructive technique (NDT)
that can monitor and detect minor cracks in civil structures [2]. AE phenomenon is
defined as a transient elastic wave generated as an outcome of a material deformation
due to damage initiation and damage propagation [3]. Essential and useful informa-
tion of the health condition of structure can be extracted from AE parameters such
as amplitude, counts, rise time, duration, signal strength, and energy. However, these
traditional parameters can be sensitive to the surrounding environment, the level of
damage and the presence of noise in the measured AE data. Therefore, this study
aims to develop an AE sensing-based improved crack detection technique using a
deep learning method augmented with time-frequency decomposition.

Researchers have paid great attention to AE technique as a damage detection tool
due to its high sensitivity to minor damage. For example, AE technique was used
to assess the microcracks in different structural elements such as fibre-reinforced
concrete beams and multi-story buildings [4]. In [5], the authors proposed AE tech-
nique to detect the damage in a reinforced concrete slab subjected to dynamic load.
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On the other hand, AE technique was proposed to evaluate the existing health condi-
tion of the real-life bridge. AE sensors were placed at different locations of the
bridge to collect AE signals under various loading conditions [6]. In another study,
AE technique was utilized to detect the severity and location of damage in prefabri-
cated and prestressed concrete elements. The performance of the proposed technique
was verified using AE data collected from the reinforced-concrete beam specimens
under different loading conditions [7]. AE analysis based on an advanced deep neural
network approach was proposed to detect cracks in prestressed concrete specimens.
The proposed technique was implemented to monitor two full-scale bridges under
ambient conditions [8]. However, most of the above-mentioned studies are based on
pattern recognition techniques that require a suitable selection of features to identify
the severity and location of the damage [9].

Recently, DeepLearning (DL)-based artificial intelligence techniques have shown
the increased prevalence in the field of SHM as they can extract features from 1 and
2D data without being pro-processed by the users [10]. As such, mechanical faults
such as bearing deviations, stator and rotor friction, rotor breaks, and poor insulation
can be extracted from 2D greyscale images using CNN as demonstrated by [11].
Though many studies have focused on using traditional greyscale or RGB images
in DL-based damage detection methods, there are several studies which implement
images based on time or frequency domain methods. [12] demonstrated that the
CNN architecture, ‘LeNet-5’ was able to efficiently and accurately diagnose faults
of mechanical systems using CWT images. Similar conclusions were reached by
[13], which demonstrated that ‘LeNet-5’ was able to distinguish between various
system health conditions from 2D spectrograms. However, 2D CNN based on time-
frequency (TF) images have focused primarily on mechanical systems, and very few
studies have contributed to the field of SHM. Therefore, this paper proposes a new
method for the localization of damage in civil structures through the classification
of CWT images extracted from the AE signals using CNNs.

2 Proposed TF-Based 2D CNN Method

2.1 Empirical Mode Decomposition (EMD)

EMD is a TF-based signal processing method that has been widely applied as a
modal identification and damage detection tool for civil structures due to its high
performance with nonlinear and non-stationary data [14]. EMD can decompose a
multi-component signal into a set of oscillatory waveforms defined as intrinsic mode
functions (IMFs) [15]. In order to consider the waveform as IMF, it should meet the
following criteria [16]: (a) the difference between the number of extremums and the
number of zero-crossings should be equal or differ at most by one in the entire data
set, and (b) the mean value of the envelope defined by local maxima and minima is
zero at any point. There are some steps that need to be followed to decompose any
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signal, which is provided in [14]. Once the signal is decomposed, the input signal
x(t) can be written as:

x(t) =
∑m

i=1
I MFi (t) + εm(t) (1)

where I MFi (t) represents the IMF of the original signal and εm(t) is the residual
of x(t). In this study, EMD is applied to eliminate the presence of noise in AE data
and obtain the key AE components (IMFs) that belong to damage, which are used to
generate the images using CWT.

2.2 Continuous Wavelet Transform (CWT)

WT is a TF method that can provide a TF representation of the signals in a multi-
resolution framework. CWT is one of the powerful TF signal processing approaches
that are used in different fields such as image compression, signal noise filtering, and
pattern recognition [17]. The CWT of a signal x(t) can be expressed as:

wl
n(x) =

∫ ∞

−∞
x(t)ψ∗(

t − n

l
)dt (2)

The inverse CWT (ICWT) can be determined by:

x(t) = 1
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where wβ can be written as:

wβ =
∫ ∞

−∞
|ψ(ω)|2

|ω| dω < ∞ (4)

where l and n represent scale and translation of the mother wavelet, respectively.
The basis function is called mother wavelet ψ(t), where superscript (*) denotes its
complex conjugate. With the appropriate choice of l and n, the CWT utilizes the
shifted and scaled versions of ψ and subsequently performs its inner product with
x(t). In this paper, CWT is applied to generate spectrograms of key AE components
(IMFs) that are used to feed the CNN model to detect and identify the approximate
location of the damage.
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2.3 Convolutional Neural Network (CNN)

CNNs are a subset of DL Algorithms which were inspired by the visual cortex of
animals and the interconnectivity of neurons between the eye (input) and the brain
(output) for decision-making processes based on visual data. These networks can
consist of several blocks (neurons) which are used to extract the relevant information
from the input data accurately. Features are autonomously extracted from input data
(x) through convolutional layers, which implement dot product operations to extract
weights (W) and bias (b) through a pre-defined kernel. The presence of specific
features spatially within images is emphasized by activation functions such as recti-
fied linear units or hyperbolic tangent units, which allows nonlinear relationships
to be defined between the input and anticipated output of the data. Once feature
extraction has been completed, the results of the convolutional layers are flattened
using Fully Connected Layers. Finally, Softmax Layers are used to determine the
probability of a particular classification occurring based on the output (Y) defined
by:

Y = Wx + b (5)

Following classification, the overall performance of the network can be evaluated
using various indicators such as accuracy, precision, recall and F1 score based on
comparing the predicted and true outputs of the inputted data.

2.4 Proposed Approach

Once AE data y(t) is measured, EMD method is proposed to decompose the data
and extract the key AE components (IMFs) of each AE sensor. Then, CWT is used to
provide the TF representation of each IMF extracted from EMD, known as spectro-
grams. The resulting spectrogram of each IMF is used to feed into a 2D CNN model
to identify the potential location of the damage. In this paper, a modified VGG-16
developed by [18] is used to classify the spectrograms of the IMFs. The number of
filters of each convolutional layer from the traditional VGG-16 network is reduced
by a factor of 8 as the number of classifications and complexity of the features are
dramatically reduced compared to the original capacity the network was designed
for.Moreover, the length of intermediary fully connected layers is reduced from 4096
to 512, with the final fully connected layer having a length equivalent to the number
of classes used in the study. The main steps of the proposed approach are illustrated
in Fig. 1.
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Fig. 1 The flowchart of the proposed approach

3 Numerical Illustration

3.1 Sine Example

In order to validate the performance of the proposed approach, a suite of sine signals
containing four different frequencies (e.g., f 1 = 1 Hz, f 2 = 3 Hz, f 3 = 5 Hz, and f 4
= 7 Hz). However, a pure sine signal can generate only a single CWT image which
is not enough to train the CNN model. To overcome this issue, an ensemble of sine
signals with the same frequency is generated by adding noise to the original sine
signal, as shown in Eq. (6):

X = sin(2π f t) + a (6)

Where f is the signal frequency, and α is the signal noise component that is a
random and normal time-series sequence. Each signal is processed using CWT to
create spectrograms, as shown in Fig. 2. 1000 images of each frequency class are
extracted using the CWT method and then used to feed the CNN model. 70% of
the images are used for training, 20% for validation, while the rest 10% are used
for training. This resulted in 2800 images, 800 images and 400 images, respectively,
that are used for training, validation and testing. The training is conducted over 30
epochs using a Stochastic Gradient Descent with Momentum (SGDM) solver with
an initial learning rate of 0.0005, minibatch size of 128 and L2 regularization of
0.0005. Figure 3 shows the variation of the accuracy and loss throughout the training
and validation process. The network is trained for 3 epochs resulting in 39 minibatch
iterations. It can be observed that due to the high performance of the network, the
accuracy reaches 100% relatively quickly while minimizing the loss function. The
trained network is tested using 100 images of each frequency class. Therefore, The
proposed CNN model can achieve 100% classification accuracy for all frequency
classes.
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Fig. 2 Spectrograms of the sine signals with frequency a 1.0 Hz, b 3.0 Hz, c 5.0 Hz and d 7.0 Hz,
respectively

Fig. 3 Performance evaluation of the proposed CNN (modified VGG-16) network
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4 Experimental Study

In order to validate the performance of the proposed method as a damage localiza-
tion tool, an experimental test is conducted using an AE monitoring system on a
wooden beam. In this study, a wooden beam was monitored using two AE sensors.
These sensors have an operating range of frequencies between 20–450 kHz, which is
suitable for the proposed application. A preamplifier is attached to the AE sensors to
amplify AE signal. A decoupling box is connectedwith a preamplifier at one end, and
the other end is connected with the data acquisition (DAQ) system. It is also attached
with a direct current supply to power the AE sensor and collect the AE signal. A
DAQwith four input measurement channels is attached to a computer. The sampling
frequency of AE sensors is set to 20 kHz. Figure 4(a) presents the setup of the AE
monitoring system. In order to evaluate the performance of the proposed method, AE

Fig. 4 a AE monitoring system and experimental setup b actual, and c the schematic
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Fig. 5 Time-history of the measured AE data of damage at D1

data collected from a wooden beam using two sensors (S1 and S2) is considered, as
shown in Fig. 4(b). The dimensions of the beam are 62 cm in length, 6.5 cm width,
and 2 cm thickness, respectively. Two damage locations were considered to check
the capability of the proposed method for localizing the damage (e.g., location D1:
damage near S1 and location D2: damage near S2) as shown in Fig. 4(b, c). A drilling
machine was used to create the damage while the AE data was collected.

Figure 5 show the time-history of AE data collected from wooden beam using S1
and S2. The AE sensors produced big data due to the higher sampling frequencies.
Therefore, the time-series of AE signal was divided into a finite number of windows
(say, N). EMD method was applied to each segment separately, and a number of
IMFs were extracted. Figure 6 represents the first IMF obtained from EMD and its
Fourier spectra usingAEdata from (a, b) S1 and (c, d) S2. Then, theCWTmethodwas
used to generate the spectrogram of each IMF obtained from EMD. Figure 7 shows
a typical coloured (original) spectrogram of IMFs using AE data collected from (a)
S1 and (b) S2 for damage at D1. This coloured spectrogram of IMFs obtained from
CWT has a size of 936 × 1920, which were used as the training and testing data of
the 2D CNN.
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Fig. 6 IMF1 and its Fourier spectra of AE data collected from (a, b) S1 and (c, d) S2 for damage
at D1

Fig. 7 Spectrograms of IMF using AE data from a S1 and b S2 for damage at D1
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In this study, 473 randomly selected images of each sensor class were used in the
training process. An additional 135 images and 67 images of each sensor class were
used in the validation and training process. Figure 8 shows the training process of the
CNNmodel. The network was trained for 50 epochs using the same hyperparameters
outlined in Sect. 3.1. Thus, a total of 135 × 2 = 270 images were used for validation
while 67 × 2 = 134 images were used for testing. The confusion matrix, as shown
in Fig. 9(a, b) displays the classification accuracy for the validation and testing
datasets, respectively. The accuracy, recall, precision and F1 scores of the validation
dataset and testing dataset are summarized in Table 1. The performance indicators
calculated from the confusion matrices suggest an excellent damage identification
using the proposed approach.

Fig. 8 Training and validation: a performance and b loss of the Modified VGG-16 using the CWT
images

Fig. 9 Confusion matrices for a validation and b testing data of the wooden beam
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Table 1. Performance
indicators calculated from the
classification of CWT images
of close and far damage

Performance indicator Validation dataset Testing dataset

Accuracy (%) 93.7 93.2

Recall 0.93 0.93

Precision 0.95 0.94

F1 score 0.94 0.93

5 Conclusion

AE technique is considered as one of the powerful NDT techniques that is capable
of detecting and localizing minor damage due to its sensitivity to damage initi-
ation and propagation. For long-term AE monitoring of full-scale structure, AE
sensors produce a huge amount of data due to the high sampling frequency. Dealing
with such massive AE data using traditional feature extraction techniques can be
time-consuming and computationally expensive. In this study, a 2D CNN model
is proposed to automate the process of detecting and localizing the damage using
massive AE data collected from structures. A set of numerical and experimental
studies are conducted to validate the performance of the proposed approach as a
damage detection tool using a limited number of AE sensors. The results show the
high accuracy of the proposed approach to identify the approximate location of the
damage in the structural element. The proposed approach can identify the approxi-
mate location of the damage with 93% accuracy, where it can be a suitable candidate
for a damage detection tool.
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Laycock Park Pedestrian Bridge,
Pushing the Limits of Timber Design

Hothifa Rojob, Peter Phillips, and Abul Rafiquzzaman

1 Background

Calgary is the most livable city in North America and the 5th in the world as per the
global livability index by The Economist 2019 report [5]. The City maintains it’s
livability standards by upholding key environmental, social, and economic sustain-
able strategies. In 2004, City Council approved the Brundtland definition of sustain-
able development: “Sustainable development is a development that meets the needs
of the present without compromising the ability of future generations to meet their
own need” [6]. In the context of a pedestrian bridge, true sustainability is found in
the efficient use of materials, improvement of the sociocultural environment, eco-
friendly practices, and creation of a long-term positive effect for users and passers-by.
This Laycock Park Pedestrian Bridge project was planned and executed taking into
consideration The City’s commitment to sustainability and in compliance with the
City’s 2020 Sustainability Direction 10-year plan, City’s Triple Bottom Line policy
framework, and the Calgary Transportation Plan.

Laycock Park is located on the Southwest corner of the intersection of 64th Avenue
NE and Deerfoot Trail in Calgary, AB. The old bridge had reached the end of its
useful life (Fig. 1) and was closed for pedestrian by The City due to concerns with
scour holes opening up behind the abutment back-walls. Also, differential settlement
of the piers and abutments had created dips in the existing bridge. There were also
failures in some of the timber stringers supporting the deck. The closure of the bridge
cut off community access across Nose Creek to the Park’s parking lot, as well as to
the regional pathway which traverses the park. The new bridge, designed by a local
Calgary team, needed to promote active transportation, recreation, and to become a
point of interest to the community. The new structure option was carefully designed
to reflect its relationship to the natural environment surrounding the structure. As the
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Fig. 1 The old Laycock Park Pedestrian Bridge

existingLaycockPark site includes a former landfill, hazardousmaterialmanagement
practices were designed as part of the project.

2 Wood—A Natural Sustainable Choice

The use of wood represents a particularly sustainable option for the project. Wood
products have less embodied energy, are responsible for less air and water pollution,
and have lower carbon footprints, than other construction materials such as steel and
concrete [7]. The light carbon footprint of wood comes in two keyways—through
carbon storage and through avoided greenhouse gas emissions.

For the 113 cubic meters of timber used in this bridge, the total estimated carbon
benefit is about 138 metric tons, divided as 100 tons of carbon dioxide stored in the
wood and 38 tons of carbon dioxide avoided greenhouse gas emissions, which would
be the case if fossil fuel-intensive materials (i.e., steel and concrete) would have been
used for the bridge’s superstructure. U.S. and Canadian forests can grow the amount
of wood used in the current project in 19 s [1].

The glulam timber girders are made of regionally sourced AYC, a species that is
used where weather resiliency, durability, and workability are needed. The AYC is
strongly aromatic and has a nearly yellow colour with fine texture and straight grains
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[8]. It has superiority in weather resistance over other common wood species used
in structural applications. Laminating stock was sourced through sustainable forest
practices and fabricated by an FSC-certified company. BecauseAYC is not yet among
the timber species recognized by certain Canadian structural design standards, we
were required to provide our research on the species to the client before receiving
their approval to use it for the glulam girders.

3 The Bridge Structural System

The bridge provides an aesthetically pleasing, elegant, robust, innovative, econom-
ical, durable, maintainable, and sustainable structure. The approximately 37-m-long
bridge spans over Nose Creek and has 3-m approach slabs on each end, followed
by 5% accessible at-grade ramps connecting into the adjacent Laycock Park, to the
regional North-South pathway systems to the West, and to the Park’s parking lot to
the East. The bridge deck is 3mwide,which ismaintained through the approach slabs
and ramps and widens to 3.5 m as it connects to the Eastern pathways. Among three
different structural forms examined in the conceptual design phase, the chosen option
was indeedmost appropriate (Figs. 2, 3 and 4). Using aMultiple Account Evaluation,
the use of exposed structural wood through-girders and GFRP-wrapped timber deck
panels was found to be the most sustainable and constructible option within client
schedule and budgetary limits. The use of a proprietary innovative GFRP-wrapped
deck panel systemwasmandated by TheCity at the project Terms of Reference stage.
The timber deck on floor beams and the through-girders on reinforced concrete abut-
ments were supported by elastomeric bearings. The abutments were supported by
cast-in-place concrete pile caissons into bedrock andwere protected by riprap against
waterway scour. Aesthetic ‘natural stone finish’ concrete formlined block retaining

Fig. 2 The new bridge elevation
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Fig. 3 The new bridge cross-section

Fig. 4 Completed Laycock Park Pedestrian Bridge, looking North

walls parallel to Nose Creek supported ‘as-small-as-possible’ earth berms on each
side of the Creek which were required to raise the bridge’s main-span above 1:100-
year plus appropriate freeboard flood elevation. The bridge is designed for the 80 kN
maintenance vehicle as per the Canadian Highway Bridge Design Code (CHBDC)
[2] and 4 kPa of pedestrian loads (not simultaneous loading). The dynamic foot-
fall analysis of the bridge was carried out to make sure that vibrations were within
acceptable limits.
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4 Design Innovations

4.1 Massive Glulam Girders

To improve the bridge’s flood resiliency and reduce environmental impacts, instream
construction works and lengthy regulatory permits (Alberta Environment and Parks,
Water Act, and Department of Fisheries and Oceans, Authorization were minimized
and avoided, respectively, i.e. clear spanning the Creek was imperative. However,
the 37-m clear span pushed the design and fabrication limits of the glulam girders.
The pieces had to be designed without moment splices, as moment splices are known
in timber to be locations of uncertainty in design capacity vs. actual capacity. Each
girder weighs about 20 metric tons and consists of a pair of 2,000 mm deep beams
bolted side by side to constitute a full beam width of 530 mm (Figs. 5 and 6). Key to
TheCitywas the availability ofmultiple local fabricators that could fabricate that size
was in order to get competitive bid prices. As it turns out, only three manufacturers in
Canada can manufacture and ship that length in full pieces. Shipping and installation
strategies were considered at the early stages of design for the girders, so the design
team could be confident that their solution could actually be delivered and installed.

As mentioned previously, to improve the flood resiliency of this crossing, as
compared to the original bridge that was removed at this site, the soffit of the new
bridge needed to be raised up over current design flood elevations. However, main-
taining the top of deck elevation as low as possible to tie-in with existing grades as
quickly as possiblewithmaximum5%accessible slopes at each end of the newbridge

Fig. 5 Girders during fabrication
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Fig. 6 Installation of glulam girders

was also important. Consequently, the girders are raised, and the deck is connected
to the lower portion of the girders, which added an additional challenge in providing
lateral stability to the top portions of the girders in compression. Girder sizes were
carefully proportioned to prevent lateral buckling without the use of knee-bracings.
The stability of the bridge was confirmed by numerical simulations. The tops of
the girders were actually fabricated with slopes towards the inside (walkway) of the
bridge to facilitate drainage and to discourage people from standing on their tops.

4.2 Dowel Connections

A unique design in the bridge engineering world for the steel floor beam-to-timber
girder connections was implemented. The two pairs of beams (each pair forming one
girder) were connected at the level of floor beams using twelve galvanized anchor
rods running through pre-drilled holes and at their tops at regular intervals with
threaded rods. The floor beams transfer loads from the deck to the lower portion of the
timber girders (Fig. 7). To strengthen the girders at the connections, twelve 950 mm
fully threaded, zinc-coated, and self-tapping screws were driven into the glulam
girders from their bottoms to reinforce the connections and to provide additional
capacity against the tensile forces perpendicular to the grain (Fig. 8). This technique
engaged a larger volume of timber to resist the vertical loads. Section resistances
were checked using a fracture mechanics-based model [3, 4]. The screws, with small
heads countersunk 100 mm into the timber, provides additional protection against
moisture infiltration and corrosion of the screws.
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Fig. 7 Underside of bridge showing the connection between floor beams and glulam girders

Fig. 8 Typical screw reinforcements for the floor beam connections
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4.3 Moisture—Wood’s Biggest Enemy

The key to a sustainable timber structure is careful planning and understanding of
environmental loads that impact the structure. The bridge is designed to be inher-
ently self-protecting by deflecting water away from the structural elements and by
allowing the timber to breathe, i.e., allowing air circulation around the timber so it
can dry quickly after being wet. Figure 9 highlights some details of our moisture
management engineering. A stainless-steel cap protects the tops of glulam girders
whilemaintaining gaps beneath for air circulation. Similarly, a stainless-steel flashing
plate is provided to cover the gap between the glulam girders and the bridge deck
and to direct dripping water away from the girders. In addition, for extra levels of
precaution, various joints and interfaces between materials were caulked with sili-
cone sealant to keep water out and the girders were oversized by 25 mm on each
face to accommodate some future outer rot or damage. In order to facilitate drainage,
the bridge deck has a built-in crowned of 1% cross slope in each direction (Fig. 3).
Longitudinally, the bridge profile is made of a parabolic curve with 5% slopes at each
end (Fig. 2). To summarize: water is directed towards the curbs, then to both ends

Fig. 9 Waterproofing methods employed
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of the bridge into riprap drains. A water repellent, but breathable coating system is
another defence against moisture.

4.4 Breathable Coating System

TheCHBDC restricts the use of traditionalwood treatmentmeasures such as creosote
for components in direct contact with pedestrians due to the toxicity of the chemicals
involved in the treatment process but is relatively silent on acceptable alternatives.
Therefore, as the glulam girders are exposed and within the reach of pedestrians, a
safe, environmentally friendly, aesthetically appealing, and equally protective alter-
native solution needed to be researched. A breathable, three-layer proprietary coating
systemwas ultimately chosen for its ability to repel moisture, protect fromUV expo-
sure, hinder the commencement of rotting and withstand weather fluctuations. The
coating’s pigment was carefully selected to reflect the natural colour and texture of
the AYC while still protecting the timber against UV light.

4.5 GFRP-Wrapped Timber Deck Panels

Abridge deck is vulnerable to both abrasion andmoisture; therefore, since the bridge
deckwas to bemade out of timber, GFRP-wrapping of the deck timbers for both dura-
bility and strength with a post-applied wearing surface on the top of the panels was
proposed (Fig. 10). As mentioned previously, The City mandated the use of a propri-
etary innovative GFRP-wrapped deck panel system at project Terms of Reference
stage. The deck panels provide a service lifespan of more than 100 years. The timber
core of the deck is made up of Black Spruce manufactured into glulam panels. The
non-corrosive durable GFRP encasing protects the timber core against water ingress
andUV light. The deck system ismuch lighter than other typical bridge deck systems
made out of steel or concrete, and thus significantly reduces dead load requirements
for the structure to accommodate. The panels were manufactured in three pieces and
were just set end to end on-site. Providing additional waterproofing protection, a
separate proprietary wearing course system was applied on-site on top of the deck
panels and spanned the two panel-to-panel joints between the three deck panels.
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Fig. 10 Installation of GFRP-wrapped timber deck panels

5 Aesthetic Design Features

To match with the theme of other ongoing Park enhancements, redesign, and natu-
ralization, which feature basalt stones for cladding and seating, matching coloured
granite stones were used for the bridge’s curbs (Fig. 11). The bridge also features
stainless-steel caps and stainless-steel bike-rails (grabrails for accessibility are not
required as all walkway slopes on the project are less than 5%).
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Fig. 11 Bridge aesthetic features including granite curbs and stainless-steel caps and bikerail

6 Conclusions

The new Laycock Park Pedestrian Bridge promotes sustainability by using renew-
able materials. This aligns with The City’s vision for sustainable development and
coincides with the public interest in protecting the environment and fighting climate
change. For sustainable timber bridges, attention should be given to moisture and
water-shedding details, the selection of a proper pedestrian-friendly coating system,
and the use of proper wood species. It is also important to make sure that timber
is harvested and fabricated in accordance with applicable sustainability standards—
which can be imposed by requesting FSC certifications for the timber and from the
fabricators.
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The Role of Cementitious Liners
on the Structural Preservation
of Overburdened Buried Concrete Pipes

R. J. Jackson, I. D. Moore, and A. S. Genikomsou

1 Introduction

Reinforced and unreinforced concrete storm and sanitary sewers rely on gravity flow
so are often installed at deep burials exceeding five-metre covers [8]. Concrete pipes
are designed to resist earth and surface loads such that unreinforced structures do not
crack, and reinforced concrete structures have limited crack widths. Cracking also
leaves pipe walls susceptible to stormwater infiltration and consequently corrosive
and abrasive damage [5]. Corrosive and abrasive damage may create even more
cracks in the walls, reducing the load-resisting capacity of the pipe. After enough
deterioration-cracking cycles, the damaged pipe will lose capacity such that it can
no longer carry the required earth and surface loads, leading to collapse.

In Canada, reinforced concrete pipes are manufactured in accordance with the
ASTM C76-11 standard. ASTM C76-11 categorizes the buried reinforced concrete
pipes into five classes where each class has three separate wall types. Lower classes,
such as Class 1 and 2, correspond to pipes having smaller load-resisting capacities
whereas higher classes are selected for burial conditions with harsher loading.Within
each class,Wall Types A through C denote increasingwall thicknesses and resistance
elements. An image annotated to depict the nomenclature commonly used to denote
the four key locations around the pipe circumference is provided in Fig. 1.

Rigid pipes are conventionally selected from the C76-11 standard using either the
Direct or Indirect Design Methods [1]. It is widely recognized that in rigid buried
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Fig. 1 Diagram of relevant
locations around a pipe’s
circumference

pipes, bending moment should be regarded as the critical design mechanism [12].
Therefore, rigid pipes are designed to limit moment-induced cracking, specifically
at the pipe crown or invert where bending moments are most severe. The Indirect
Method for reinforced concrete pipes is based around computing the required D-
Load to induce a 0.3 mm crack. These computations consider live loading, earth
loading, and the required pipe diameter. The moments associated with earth and live
loading can be calculated using bedding factors, empirical quantities that account for
the reductions in moment resulting from soil support, with various burial conditions
defined by AASHTO quoted in the ACPA design manual [3]. Pipes are then selected
based on the required D-Load (the capacity of the pipe to resist vertical force applied
across the vertical diameter, assessed using strength tests which feature two or three-
point loading applied until it fractures) to prevent unsafe levels of cracking after
burial. An alternative is to use the Direct Design Method, where bending moment
is calculated explicitly with a finite element analysis. AASHTO employs the Heger
earth pressure distributions for use in that structural analysis [10].

Many Canadian sewers are approaching the ends of their service lives and have
reached unsafe levels of deterioration or loading, or the joints are leaking, and permit-
ting the ingress of groundwater. Rather than replacing these pipes, which is a costly
process with excavations that impede traffic and lead to other indirect costs, many
Canadian municipalities opt to rehabilitate buried pipes with trenchless solutions.
Different trenchless methods for pipe rehabilitation exist, where each method is
suitable for different types of pipes and burial conditions. Cementitious liners are
centrifugally cast with a spinning head that travels along the interior of the pipe or
sprayed by hand. Once the liner is applied over the pipe interior it is left to cure until
tensile strength is adequate. All stormwater flow is rerouted prior to liner application
to ensure the cementitious admixture sets properly. In scenarios where pipe degrada-
tion has led to critical decreases in load-resisting capacity, the strength contribution
of the liner can be essential to ensuring continued structural integrity. Additionally,
some intact pipes may be subjected to additional surface loads after installation. In
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those instances, the application of the liner may be required to increase the cracking
capacity of a pipe such that it can meet load demands and prevent deterioration.

While cementitious liners have been studied for rehabilitation of corrugated steel
(flexible) pipes (e.g. Moore and Becerril García [14], little guidance exists regarding
the selection of cementitious liner thickness to restore the hydraulic or structural
integrity of rigid (vitrified clay or concrete) pipes. The objective of the current
research is to develop a procedure for selecting liner thicknesses based on numerical
modelling and applications of soil-pipe interaction theory. While future instalments
from this research project will encompass lining methods for a range of pipe deteri-
oration states, this report addresses the potential need to line intact pipes to prevent
leakage or strengthen them to withstand additional earth loads after installation.

2 Loading and Expected Bending Moment

Moore [15] adapted the Indirect Design Method for buried pipes to estimate the
bending moments that develop in a buried rigid pipe repaired with a sprayed liner,
responding to a combination of earth loads and vehicle loads. Live load bedding
factor of 1.1 and earth load bedding factor of 1.7 from [1] were used to relate the
moment in a buriedpipe to theD-load condition.Bendingmomentswere then reduced
to account for the soil-pipe interaction, using a moment arching factor (reductions
because their work focussed on sprayed liners within buried flexible pipes).

Royer and Allouche [17] considered three different bending moment values in
their study of reinforced concrete pipes with sprayed liners, none of which involve
explicit consideration of the soil-pipe interaction. The first value arose from consid-
eration of a ring subjected to uniform external pressure (a loading condition that
produces negligible bending moments, and so could not be expected to provide
design that prevents cracking due to moments in a buried pipe). The second is based
on an equation from Watkins (1999) for the moment at the centre of a 90-degree
arch with pinned supports having radius r, and subjected to uniform vertical pres-
sure P, producing peak moment of 0.0062 Pr2. This moment value is approximately
one percent of the peak moment for a ring subjected to that same vertical pressure
loading, if the resulting vertical force was applied at the crown ( 2Pr

2

π
= 0.63 Pr2 for

this D-load condition, so implicitly implies that the repaired pipe has a bedding factor
of 0.63/0.0062 > 100). The third moment value was also based on an expression from
Watkins [18], where the pipe has invert moment of 0.05872 Pr2 (so implicit bedding
factor of 0.63/0.0625 > 10). All moment values considered by Royer and Allouche
[16] appear much lower than values that could be expected to develop in a buried
rigid pipe.

In the current study, stress resultants (moments and thrusts) that develop in buried
rigid structures will be estimated using the Hoeg solution [11]. Hoeg’s soil-pipe
interaction theory defines pipe behaviour in terms of its response to the uniform and
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non-uniform components of earth pressures. The uniform component of earth pres-
sure produces wall-thrusts and the non-uniform component results in circumferential
bending moments. The accuracy of the Hoeg solution is limited by the assumptions
of linear elastic soil and either a no-slip (i.e. bonded) or perfectly smooth response
assumed to apply around the soil-pipe interface.

The Hoeg solution uses dimensionless stiffness ratios, C and F, which relate soil
stiffness to pipe stiffness. In rigid sewers the pipe stiffness is large relative to soil
stiffness so C and F can be assumed to approach zero. On this basis Moore [13]
suggests a simplified version of the Hoeg solution in Eq. 1,

Mapplied,crown = σvr2(1 − K)(1 − ν)

3 − 4ν
(1)

whereMapplied,crown, σv, r, K, and ν denote the crown bendingmoment, vertical (over-
burden) stress, external pipe radius, coefficient of lateral earth pressure and Poisson’s
ratio of the soil respectively [13]. This equation will subsequently be referred to in
this paper as ‘rigid pipe theory’.

Vehicle loading can be defined in accordance with AASHTO [1]. The design
manual states that at soil covers less than 0.6 m, wheel loads shall be distributed
directly to the top slabs of culverts. At burials deeper than 0.6 m a live-load distribu-
tion factor (LLDF) is introduced which increases the length over which vertical load
is applied in each horizontal direction by 1.15 times the depth of the fill. The LLDF
applies until the area sustaining vertical loads reaches a maximum value when the
soil cover reaches 2.4 m. At covers deeper than 2.4 m, surface loads are assumed
to have negligible effects. Given reinforced concrete sewers are typically buried at
covers greater than five metres, the effects of live loading will be ignored.

A liner is typically applied to pipes after burial, meaning the concrete pipe actively
resists earth loads prior to the liner installation. However, the current study will
estimate the required liner thickness to restore structural capacity to rigid pipes by
assuming the liner is applied before the concrete pipe is subjected to earth loads. This
assumption may result in conservative estimates of the tensile stresses seen in the
liner, as liners applied after pipe burial would attract proportionally less load relative
to the fully loaded concrete pipe.

3 Resistance Models

The design models developed by Moore [15] were for sprayed liners within flex-
ible (corrugated steel) pipes, where circumferential bending moment at the crown
is limited to prevent the liner from cracking under the tensile stress induced at its
extreme fibre, with both composite and non-composite calculation options provided.
They compared their design calculations with measurements of cracking loads
observed in the two buried pipe tests reported by Moore and Becerril García [14]
for spray-lined corrugated steel pipes tested under surface loads and showed that the
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calculations based on composite response were the most successful. That work could
provide a useful starting point for the current study, provided the strength assess-
ment was modified to consider liners sprayed within reinforced concrete rather than
corrugated steel pipe.

Royer and Allouche [16] considered the use of two different kinds of resistance
models. The first assumes that the pipe is allowed to crack, but with maximum crack
widths limited to either 0.01 or 0.0625 inches. Analysis was undertaken assuming
that the neutral axis of the lined pipe is at the interface between the concrete and
the liner. The second resistance model they considered involved application of a
strength equation developed by Bazant and Cao [4] for unreinforced concrete pipe.
Those researchers related the nominal stress in the unreinforced concrete at failure
to the tensile strength of the concrete as well as a ‘characteristic dimension’ for
the structure, and a series of empirical parameters obtained by Bazant and Cao [4]
using best fits to their strength data for unreinforced concrete pipes. Bazant and Cao
[4] however, reported that the performance of their empirical strength correlations
was poor. Neither the crack width nor the empirical strength model appears suitable
for the current study, since unreinforced material like the sprayed liner should be
designed to prevent cracking (rather than to achieve a non-zero crack width), and it
would require many sprayed concrete pipe tests to generate data sufficient for the
empirical correlation.

There is a clear need for a design method for liner thickness selection that is based
on realistic levels of bending moment, and which addresses the composite behaviour
of a sprayed concrete pipe. In the current study, the resistance of the pipe will be
evaluated on the basis that the bending moment at the crown shall not exceed the
crackingmoment of the pipewall. This assumption helps ensure that the repaired pipe
will not leak through joints or undergo crack-deterioration cycles over its service life.
Buckling is not considered to be a critical design mechanism as the deteriorated pipe
will support most of the compressive thrust, leaving the liner responding primarily in
bending. The liner thickness is selected to prevent two potential strength limit states
at the crown and invert:

a. cracking at the innermost fibre of the liner (the inner surface of the rehabilitated
sewer).

b. cracking at the innermost fibre of the concrete pipe wall (where it contacts the
liner, since a strain concentration would then develop that cracks the liner where
it spans across the crack in the concrete).

It is not necessary to make any ‘a priori’ assumption regarding the location of
neutral axis. Instead, its location can be computed geometrically using force equi-
librium. Once the location of the neutral axis is obtained, stress-strain distributions
can be computed under the assumption of linear strain distribution through the liner-
concrete composite (based on perfect bond at the interface between the liner and the
concrete). Liner thicknesses are then selected by setting the applied moment based
on the Hoeg solution equal to the allowable moment (when tensile stress in the liner
or concrete pipe reaches the tensile strength limit i.e., rupture stress, or tensile strain
reaches the tensile strain limit). Closed-form solutions were created to investigate



214 R. J. Jackson et al.

the peak tensile liner stresses that develop from perfect bond and complete debond
between the liner and the host pipe. The solutions show that tensile stresses are higher
in the bonded case, indicating that the assumption of perfect bond is conservative
for the purposes of this study. Further investigation on the implications of partial
debonding between the liner and the host pipe will be included in future research
studies.

This study will illustrate this resistance assessment by investigating the effects
of repairing concrete pipes with two alternative materials: the cementitious liner
examined by Moore and Becerril García [14] which had a tensile stress limit of
11.3 MPa [16], and then a cement mortar having a tensile stress limit of 7 MPa [6].
Applying a safety factor of 2 to the tensile strength of each material, tensile stress
limits of 5.65 and 3.5 MPa will be used for the liner and mortar respectively. For
the case where the concrete pipe cracks before the inside surface of the liner (case
b. above). Equation 2, is used to estimate the allowable tensile stress limit of the
concrete in the pipe as 2.05 MPa for Class III and Class IV pipes, and 2.51 MPa
for Class V. The coefficient of 0.65 in this equation represents the resistance factor
specified for concrete [7].

fr = 0.65 × 0.6λ
√
f′c (2)

4 Numerical Modelling

A series of finite element analyses (FEA) were conducted using the ABAQUS/CAE
software [2] to evaluate the results of the design approach. In the FEA, two-
dimensional solid, plane-strain elements were used to model the soil, the concrete,
and the liner. The liner thicknesses computed in the design model were used to create
replicas of the soil-pipe-liner system in the FEA. The numerical analyses were used
to obtain the values of the maximum tensile stress in the liner. An example mesh for
a Class IV-Wall B pipe at a five-metre burial depth is shown in Fig. 2. Distance to the

Fig. 2 Image of a meshed soil-pipe model created in ABAQUS/CAE
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side boundaries of the mesh from the springlines of the pipe was set to 4.25 m, and
a 1.75-m soil foundation was created between the invert and the bottom boundary.
Lateral soil distances between springlines and boundaries were selected on the basis
that rigid pipes attract more load than just the weight of the soil prism directly above
the pipe. Rather, rigid pipes are stiff relative to the soil beside it, forcing the sewer
to resist the weight of a larger volume of soil that extends outwards towards the side
boundaries. This concept is known as negative arching.

The soil, concrete and the liner were modelled as homogenous, deformable
elements with elastic material responses. Elastic response until shear failure, and
thereafter elastic-plastic behaviour was defined for soil but not the pipe, since the
pipe was loaded up to a maximum of half the fracture (cracking) stress given safety
factors of 2 are applied in the design model. Mohr-Coulomb plasticity behaviour was
defined for the soil elements to capture the effects of plastic strain resulting from the
shear stresses which develop at the shoulders and haunches. Reinforcing steel was
not included in this analysis, since steel was assumed to have a negligible impact on
themoment for this uncracked pipe (the steel has modest effect on the intact section’s
flexural rigidity). The interface between concrete and liner was modelled with a tie
connection to simulate perfect bond. This idealization may not always be realized
in practice as the success of the bond is a function of the liner installation process,
and it may be investigated further in a subsequent study. The soil-pipe interface was
also modelled with a tie connection which matches the no-slip condition assumed in
the design model. The no-slip condition is a reasonable assumption given the high
coefficient of friction expected between the soil and concrete.

Material properties used in the FEA models are reported in Table 1. Material
strengths for concrete were taken from C76-11. There are several techniques to
numerically model horizontal soil stress behaviour over increasing soil depths. The
analysis of a block of soil under self-weight was undertakenwith full restraint against
lateral deformation along each of the vertical side boundaries. To ensure the lateral
earth pressures that then developed were in accordance with the assumed value of
coefficient of lateral earth pressure, K = 0.335, used in the design model, Poisson’s
ratio, ν, was set to K/(1+K)= 0.25.When the soil deforms under its self-weight, the
lateral earth pressure coefficient of 0.335 will then result based on the well-known
relationship for one-dimensional elastic deformation shown in Eq. 3.

Table 1 Material values used for the FEA and the design model

Material Young’s
modulus
(MPa)

Density
(kg/m3)

Poisson’s
ratio, ν

Friction
angle
(degrees)

Dilation
angle
(degrees)

Cohesion
stress
(kPa)

K

Concrete 23,632 2400 0.2 – – – –

Liner 25,900 2400 0.2 – – – –

Soil 40 1834 0.25 45 23 3 0.335

Concrete
(Class V)

28,943 2400 0.2 – – – –
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K = ν/(1 − ν) (3)

Allmodel componentsweremeshedwith six-nodemodified quadratic plane strain
triangles. Nodes close to the pipe were seeded at three-centimetre spacings around
the pipe circumference. The displacement of the left and right boundaries of the soil
system were restricted in the x-direction (where the x and y-directions denote the
horizontal and vertical directions in the model respectively). The displacement at the
bottom edge is fixed in both the x and y-directions. Self-weight due to gravity was
applied over the entire model.

5 Results

AMATLAB script of the design model was created to relate the cracking moment to
the appliedmoment due to earth loads for a rigid pipe (Eq. 1).Using the geometric and
material parameters for different pipe classes and wall types outlined in C76-11, the
script iterates through increasing liner thicknesses until the allowable moment meets
the demands of the earth load. The required liner thicknesses for a Class III-Wall A,
Class IV-Wall B and Class V-Wall C buried at 4, 5, and 7-m covers respectively were
obtained from the design model and are presented in Table 2 below. Burial depths
were selected on the basis that earth loading would surpass the allowable moment
capacity of the host-pipe and that the required liner thickness was small enough that
the hydraulic area remains unobstructed. For all three burials, cracking occurs when
the pipe interior reaches its tensile rupture stress and not when the liner ruptures
(as the stresses in the concrete pipes have all reached their respective tensile limits).
This is a result of using a liner with a high tensile stress limit in comparison to the
concrete pipe. The results shown in Table 2 will be compared to reference numerical
models in subsequent sections of this paper.

A plot illustrating the changing cracking capacity of the pipe with increasing liner
thickness for the Class IV-Wall B pipe buried at a five-metre cover is presented in
Fig. 3. The applied moment remains constant as the simplified Hoeg solution is inde-
pendent of changing pipe properties apart from the external pipe radiuswhich remains
constant. The pipe’s cracking moment capacity increases steadily with increasing

Table 2 Required cementitious liner thicknesses for three different burial conditions

Pipe Burial depth (m) Computed liner
thickness (mm)

Max stress in
concrete pipe
(MPa)

Max stress in the
liner (MPa)

Class III, Wall A 4 22.81 2.05 3.58

Class IV, Wall B 5 21.94 2.05 3.60

Class V, Wall C 7 25.36 2.51 3.19



The Role of Cementitious Liners … 217

Fig. 3 Plot of increasing
allowable moment with
additional cementitious liner
thickness, for the Class IV
pipe specified in Table 2

liner thickness as the addition of the liner shifts the neutral axis of the section down-
wards through the concrete. A liner thickness of 21.9 mm was required to set the
estimate of the cracking moment equal to the estimate of the applied moment, at the
point of intersection of the two lines.

Numericalmodelswere then used to evaluate the results of the soil-pipe interaction
solution used in the designmodel. Using the required liner thickness for the Class IV-
Wall B pipe, a 2-D model was created. An in-plane stress-contour of this model can
be seen in Fig. 4. The red contours denote regions of tensile stress and compressive
zones are shown in blue. The FEA captures the formation of peak tensile zones at
the interior of the crown as assumed in the design model. Tensile zones also appear
at the exterior of the springlines but were smaller in magnitude. A mesh refinement
analysis was completed where element sizes were decreased by 50%. The mesh
refinement resulted in a 0.4% difference in the maximum stresses observed in the
model. A plot of the stress distribution around the top half of the liner’s interior
circumference is presented in Figs. 4 and 5. The negative values at the edges of the
plot correspondwith 4.07MPa compressive stress maxima at the springline interiors.

Fig. 4 Stress contours around a Class-IV, Wall B pipe at a 5-m burial depth
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Fig. 5 Stress plot around the internal liner circumference for the top half of the Class-IV, Wall B
pipe

The liner stress approaches zero at the shoulders of the pipe which is characteristic
of the typical hourglass stress distribution around buried pipes. The tensile stress in
the liner reaches a maximum value of 2.98 MPa at the crown interior.

The strain distribution through the pipe-wall at the crown is shown in Fig. 4.
The dashed blue line represents the strain distribution calculated with the design
model based on the Hoeg solution assuming composite behaviour between the liner
and the concrete pipe. The solid red line represents the somewhat curved strain
distribution obtained from the FEA, with a maximum difference of 0.000025 strain
observed between the two lines. This finite element calculation supports the simpli-
fying assumption of linear strain distribution used in the design model. The point of
zero-strain, or the neutral axis, can be seen at approximately 70 mm from the top of
the section. Figure 6 also shows that for a liner with a tensile stress limit of 11.3 MPa
(5.65 MPa after dividing by a safety factor equal to 2), the required liner thickness to

Fig. 6 Plot showing the strain distribution through the composite section measured from the inner
surface of the cementitious liner
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prevent cracking is governed by the tensile strain limit of the concrete pipe rather than
the tensile strain limit of the liner. This is shown by the intersection of the design
model and the line denoting the cracking strain of concrete. The tensile limit of
concrete governs the required liner thickness to prevent cracking because the tensile
strain limit of the liner greatly exceeds the tensile strain limit of the concrete. Thus,
for a linear strain distribution, the concrete will reach its rupture capacity before the
liner cracks.

This solution also reveals that the a priori assumptionmade byRoyer andAllouche
[16] regarding the position of the neutral axis (at the interface between the concrete
pipe and the liner) is not accurate for this design example. In future installments of
this research, the resistance and numerical models will be extended to address cases
where the host pipe is cracked.

For intact reinforced concrete pipes repaired with materials having lower tensile
strain limits than the liner considered previously, such as cement mortars, the selec-
tion of liner thickness may be governed by the tensile strain limit of the mortar liner
rather than the tensile stress limit of the concrete pipe. The strain distribution of the
Class IV-Wall B pipe repaired with mortar is shown in Fig. 7. The intersection of the
design model and the dashed line corresponding to the mortar liner’s tensile cracking
strain shows that this failure is governed by the tensile strain limit of the mortar liner.

Finally, the three pipes repaired with cementitious liner analyzed with the Hoeg
solution as presented earlier in Table 2 were compared to finite element analyses.
The results of those comparisons are shown in Table 3 below. As explained earlier,
critical concrete rupture stresses of 2.05, 2.05 and 2.51 MPa were used for the Class
III, Class IV, and Class V pipes respectively, and so all values of maximum tensile
stress used in the design model were either 2.05 or 2.51 MPa. As shown in the table,
all the finite element calculations produced values of liner and concrete tensile stress

Fig. 7 Strain distribution through the composite section measured from the inner surface of the
mortar
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Table 3 Maximum tensile stress comparisons between the design model and ABAQUS/CAE
simulations for three different pipes

Pipe Burial
depth
(m)

Computed
liner
thickness
(mm)

Max stress
in the
concrete
pipe, design
model
(MPa)

Max stress in
concrete pipe,
ABAQUS/CAE
(MPa)

Max
stress in
the liner,
design
model
(MPa)

Max stress in the
liner,
ABAQUS/CAE
(MPa)

Class III,
Wall A

4 22.81 2.05 1.54 3.58 2.91

Class IV,
Wall B

5 21.94 2.05 1.72 3.60 2.98

Class V,
Wall C

7 25.36 2.51 2.42 3.19 3.11

that fell below their respective rupture values, indicating that the simplified Hoeg
theory gives a reasonable, conservative approximation to the FEA.

In the design calculations, all pipes were assumed to be perfectly rigid meaning
they were infinitely stiff compared to the surrounding soil (where Hoeg factors C and
F are approximated as zero, [13]). This simplification results in an upper limit for
negative arching where the pipe’s tendency to attract soil load reaches a maximum.
This additional attraction of soil load results in increased bending moments and
tensile liner stresses at the crown in the design model. In the finite element calcula-
tions, the pipe stiffness and soil stiffness were explicitly defined, producing arching
corresponding to the actual pipe and soil stiffnesses, resulting in moments that fall
below the rigid pipe (upper bound) limit. The simplification of perfect rigidity used
in the design model based on rigid pipe theory (Eq. 1) is consistently conservative
compared to moments from FEA, with that conservatism dropping from 32 to 1% as
the pipe being relined goes from Class III to Class V (since moment approaches the
rigid pipe limit for the Class V pipe).

6 Conclusions

A design solution for estimating the required liner thickness to prevent cracking
in intact pipes strengthened using liners to resist increased surface loads has been
developed, using the ‘buried rigid pipe’ limit to the Hoeg solution. Two criteria
were considered—the first involving cracking of the liner before the concrete pipe,
and the second involving cracking of the concrete pipe before the liner. Preventing
cracks within the host pipe ensures that the liner is not subjected to large stress
concentrations that would inevitably cause the liner to crack.

Example calculations were presented for a Class IV pipe repaired using a sprayed
cementitious liner available in themarket, and amortar. For the sprayed liner, cracking
is expected to develop in the concrete pipe before the liner, whereas the mortar lining



The Role of Cementitious Liners … 221

that was examined would be expected to crack before the concrete. Finite element
calculations were used to evaluate the results of the design model for both liner
choices. In each case, the numerical analysis provided strain distributions that were
somewhat curved but having amaximumstrain difference relative to the designmodel
of 0.000025. For both cases, it appears that the linear strain approximation used in
the design model represents a safe and effective simplification. Further calculations
were presented for the sprayed liner applied within Class III, Class IV, and Class
V pipes, based on the design model and finite element analysis. Maximum tensile
stresses calculated using the design model were always higher than those from the
finite element analysis, with differences decreasing from 35 to 1% for the Class III
to Class V pipes, because the buried rigid pipe approximation provides conservative
estimates of bending moment. Future work includes extending the design model to
address different pipe deterioration states and undertaking experimental evaluations.
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FE Analysis to Simulate Pressure Pipe
Liners Spanning Across Perforations

R. Qiu, I. D. Moore, and N. A. Hoult

1 Introduction

Leakage fromdamaged pressurizedwatermains leads to the loss of potablewater into
the surrounding soil [9], and has been a major problem for developed countries since
the late twentieth century. Traditional excavation and replacement methods gener-
ally involve high direct and indirect costs and cause long disruptions to residents
in the service area [11]. In the past two to three decades, a new technology called
cured-in-place-pipe (CIPP) was developed and introduced into the water main reha-
bilitation industry [4]. CIPP is a type of technology where specific type of polymer
liner is introduced into damaged host pipe via resin and fixing cracks and poten-
tially enhance overall structure integrity. A simple image showing a standard CIPP
configuration can be found in Fig. 1. It can reduce costs associated with traditional
replacement methods and largely mitigate the aforementioned disruption. Despite
more than twenty years of use, CIPP is still a relatively new technology and limited
research has been undertaken investigating the interaction between the host pipes
and liners [3]. Finite element analysis (FEA), when used in conjunction with robust
experimental data sets, offers the possibility to investigate these complex interactions.
Previous research has demonstrated that FEA can be used to gain an understanding
of the interaction between perforated pipes and polyester-polyurethane composite
rehabilitation liners under pressurized loading conditions [6–8]. The development
of distributed fibre optic sensors (DFOS) has since made the measurement of the
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Fig. 1 A typical CIPP
configuration [5]

complex strain distribution within the liner possible [3, 5]. The robust data sets
provided from these experiments enable the evaluation of computer analyses, which
can then be used to conduct parametric studies into the behaviour of these pipe-liner
systems that would be unrealistic from both a time and cost point of view if they had
to be undertaken using physical experiments.

This study aims to evaluate the use of FEA to calculate the strains that develop in a
liner under internal pressure, so that themodel can then be used to conduct parametric
studies in subsequent investigations. This paper presents preliminary comparisons
between the FEA results and previously published experimental data [5], to assess
the performance of the analysis.

2 Methods and Procedures

2.1 Introduction

To achieve the objective, as noted previously this study will be using the results
from an experimental program as a baseline for comparison. A laboratory test was
conducted on a pressurized liner spanning across a perforation with a diameter of
25 mm in a steel pipe [5]. A set of finite element models were then developed,
considering an optimum balance between processing run time and accuracy. This
section describes the methods used in the analysis, while the optimization process
will be reported elsewhere, and the final version of the FE model will be used in
subsequent studies to conduct parametric analyses.
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2.2 Creating a Set of Simplified Models

The test setup of [5] involved a perforation cut through the wall of a plain steel pipe.
The damaged pipe was then repaired using a commercial grade liner called Sanexen
Aquapipe. The ends of the repaired pipe were sealed and restrained at both ends as
seen in Fig. 2, and a 700 kPa internal pressure was applied by adding pressurized
water into the system.

The dimensions used in the experimental campaign and the finite element model
can be found in Table 1 [5].

The FEAwas performed using ABAQUS [2] (ABAQUSwill hereafter be referred
to as the FE software package). The FE software package has two built-in model
types: standard and explicit mode. Standard mode is used to analyse static systems
where the overall system will not exert significant shape changes such as yielding or
cracking [2].On the other hand, explicitmode is able to solvemore complex problems
such as dynamic systems and to model cracking behaviour [2]. The explicit mode

Fig. 2 The test setup [5]

Table 1 Physical dimensions
of each component

Component Dimensions (mm)

Steel Pipe (NOVA TUBE
ASTM A53 steel pipes)

154 inner diameter, 300 length
7.1 wall thickness, 25 diameter
perforation

Liner 155 outer diameter, 4.7 wall
thickness
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requires more input parameters to run and usually takes more computational power
to solve.

The maximum internal pressure applied to the system for the experiment was
700 kPa [5]. This applied internal pressure is not high enough to rupture the liner or
the pipe. Based on these considerations, the standardmodewas used for this analysis.

Three models were constructed in this study, the first two models were designed
to be used as a proof of concept. The first model will use the same dimensions as the
experimental set up and the other one will reduce the length of the pipe and liner by
half while keeping the perforation size unchanged. In order to speed up the process
of concept validation, these two models were simulated using simplified material
properties. These two models were constructed to shed light on model choices such
as element selection, physical dimension of themodel, and increment size. In the end,
the final model, which uses the optimum parameter choices from the two previous
models, was used for the final simulation with a set of more detailed liner material
properties.

2.3 FE Model Set up

The following section describes the modelling choices that were made in an attempt
to balance computational efficiency and the accuracy of the numerical results.

2.3.1 Material Models

The FE model for this study consists of two individual components: the outer
steel pipe and the inner polymer liner. After the shapes of these components are
constructed, the next step is to define material properties for both components. The
liner properties were obtained from coupon tests and the steel pipe wasmanufactured
according to the ASTM standard [1], and the material properties for both materials
reported by [5] are reproduced in Table 2. Standard linear elastic (isotropic) mate-
rial properties can be selected from the FE software package employing only two
parameters: Young’s modulus and Poisson’s ratio. For materials with different linear

Table 2 Linear-elastic material properties [5, 7]

Material Young’s Moduli (MPa) Poisson’s Ratios Shear Moduli (MPa)

Polymer Liner
(Simplified)

2165 0.31 N/A

Polymer Liner
(Engineering Constant)

E1 = 2000
E2 = 2857
E3 = 2158

V13 = 0.44
V23 = 0.31
V12 = 0.31

G12 = 1079
G13 = 1079
G23 = 1428

ASTM Pipe Steel 200,000 0.305 N/A
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elastic behaviour based on testing orientation (hoop, axial and radial direction based
on one fixed coordinate system), a better way to define this type of material is to
use the ‘engineering constants’ material model [2]. This function requires modulus
of elasticity, Poisson’s Ratio and shear moduli in all three directions (hoop, axial
and radial) directions [2]. More detailed material properties should result in better
accuracy in terms of the simulation result and it was decided to use this approach
for the final simulation with the updated model. Some of the parameters for the
engineering constants model, such as the Young’s modulus in the axial and hoop
directions and all the Poisson’s ratios, were collected using material testing [5]. The
rest were based on previous research [6, 7]. Since the internal pressure loading was
700 kPa, and this does not exceed the linear range of both materials, the use of linear
material behaviour in the analysis was deemed appropriate. All of these properties
can be found in Table 2.

2.3.2 Interface Elements and Applied Load

The only interface interaction modeled in the analyses occurs between the outer
surface of the liner and the inner surface of the steel pipe. The interaction between
these two materials was defined using the friction angle function in the FE software
packagewith an assumed friction angle of 30° (based on previous studies: [6–8]). The
utilization of an approximate isotropic Coulomb friction model in the FE software
package will have an uncertain impact on the final simulation result [6, 7], and the
impact of this simplification may be a future research topic. Load applied in the
analysis was in the form of a uniform internal pressure normal to the internal surface
of the liner that was increased up to the maximum value of 700 kPa to simulate water
pressure within the lined pipe.

2.3.3 Mesh

Meshing of the component is one of themost crucial steps in themodeling process, as
it influences the quality of the simulation result. Tetrahedral elements are widely used
in FE analysis of contact mechanics due to their high compatibility with automatic
meshing. The linear tetrahedral element has the advantages of ease of implementation
via auto meshing, while saving computation power since each element only contains
four nodes [10]. The quadratic tetrahedral element provides the same ease of use in
terms of auto-meshingwhile generating better simulation accuracy butwith the trade-
off of longer computational run time. In this study, both linear tetrahedral (denoted
as C3D4) and quadratic tetrahedral elements (denoted as C3D10) were used and
compared. The assembled model with C3D10 mesh can be found in Fig. 3.
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Fig. 3 A meshed assembly of the FE model

2.3.4 Boundary Conditions

As seen in Fig. 1, both ends of the pipe were fixed during testing [5]. Thus, in the
FE model both ends of the steel pipe were fixed against displacement and rotation
in all three directions, see Fig. 4. Similar to the data collected from the tests, the
300 mm overall length is more than enough to mitigate the influence of boundary
conditions at the ends of the specimen on the region of interest (the liner area under
and near the perforation) [5]. Additionally, the impact of reducing overall pipe length
on simulation accuracy was also investigated.

Fig. 4 Boundary conditions
on one end of the model
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Fig. 5 Full length model (left) and Shorter length model (Right)

2.3.5 Solving the System

Two FEmodels, one matching the full length of the experiment and one that was half
that length (see Fig. 5), were run. Both models were run with both types of element
(C3D4 and C3D10).

The final step of running the FE analysis involves defining load steps and desired
outputs. Since the analysis includes modeling of a frictional interface between the
liner and the steel pipe, loading representing the internal water pressure must be
applied in a series of steps up to themaximum applied pressures. The impact of incre-
ment size on simulation runtime and accuracy of results was examined by solving
the same model twice, once with 20 and then again with 100 increments.

2.4 Evaluation of Finite Element Modeling Choices

Three aspects of the FEA design were investigated via the two aforementioned
models: element choice between C3D10 and C3D4, model length: half or full length,
and use of 20 or 100 load increments in the analysis. The subsequent section presents
comparisons to the test measurements. To check the effect of the half-length anal-
ysis on the simulation accuracy, the half-length model and the full-length alternative
were assigned C3D10 elements and solved using 100 increments. The peak (largest
compressive) axial strain values are calculated to occur on the inner surface of the liner
at the midpoint where it passes across the perforation, and this largest compressive
strain is presented in Table 3.

To test the difference between calculations using the C3D10 and C3D4 elements,
the full length model was assigned each type of element and solved using 100 incre-
ments. As Table 4 indicates, the C3D4 element generated a very different peak
compressive strain compared to the simulation based on the C3D10 element. It will



230 R. Qiu et al.

Table 3 Peak compressive
liner strain calculated at the
mid-point of the perforation;
results from analyses using
both full length and half
length FE simulations

Full length Half length

Strain −0.00108 −0.00113

Table 4 Peak compressive
liner strain calculated at the
mid-point of the perforation;
full length model assessed
using both C3D4 and C3D10
elements

C3D10 C3D4

Strain −0.00108 −0.000384

be shown in the next section that the peak strain measurement is much closer to the
C3D10 result, so no further analysis is undertaken using the C3D4 option.

Solving the model with 100 increments naturally results in an increased analysis
time compared to a solution with 20 increments. In order to seek alternatives that can
reduce the analysis time for the final simulation, the full length model with C3D10
elements was solved using both 20 and 100 increments. After comparing the results
from both simulations (see Table 5), the use of 20 increments is found to have little
impact on the calculations, and is used in all subsequent analyses.

Based on all the evaluations conducted above, the model parameters used in the
comparisons presented in the next section were chosen: the full length model, using
‘engineering constant’ orthotropic elastic material properties for the liner, C3D10
elements, and solved using 20 increments. Additionally, to increase the accuracy of
the final simulation result while keeping the overall computation run time within a
reasonable range, the mesh for the liner was further refined as presented in Fig. 6.
At the middle of the liner, where the liner deformed the most due to the perforation
and the largest-magnitude compressive strains are calculated, the mesh was refined
to further increase the simulation accuracy. For the sections at both ends, the mesh
was made coarser to reduce computation run time.

Table 5 Peak compressive
liner strain calculated at the
mid-point of the perforation;
full length model assessed
using both 20 and 100
increments

100 Increments 20 Increments

Strain −0.00108 −0.00108
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Fig. 6 Assigned mesh for the final model simulation

3 Comparison Between FE Model and Experimental
Results

After the FE model was solved, the deformed liner shape could be plotted using the
FE software package post processor as shown in Fig. 7. The deformed shape shows
general correlation with the visual observation result from the testing (i.e. that the
liner deformed outwards at the perforation). To further verify the accuracy, a data
comparison between simulation-generated data and the laboratory measurements
from the distributed fibre optic sensors was prepared.

The testing involved strain measurements using fiber optic sensing technology,
with a fibre glued to the inner surface of the liner and running parallel to the pipe

Fig. 7 Liner deformations calculated using the FE software package
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Fig. 8 Axial strain comparison between FE results and the measurements of [5], distribution of
strain along on the inner surface of the liner parallel to the pipe axis

axis [5]. That fibre passed directly under the perforation. Figure 8 shows the distri-
bution of axial strains along the inner surface of the liner, with axial location of the
measurement shown along the x axis of the figure and the strain measurement on the
vertical axis. The centre of the perforation is located at an x position of approximately
38 mm.

Based on the results seen in Fig. 7 and Table 6, which presents the peak strain
from the experiment and the final model, it is concluded that the analysis provides
a reasonable approximation to the test measurements, where the peak compressive
strain calculated is within 3% of the peak measured value. The analysis reflects the
general trend in terms of strain distribution along the liner where it spans across the
perforation, though with higher positive peak strain in the liner adjacent to the perfo-
ration, and more rapid attenuation of those strains to zero with increasing distance
from the perforation. These details will be investigated using further analysis to
evaluate parameters like liner-steel pipe interface roughness (a lower friction angle
between the liner and the steel host pipe than the value used in the analysis might
have led to the slower attenuation observed in the experiment).

Table 6 Peak compressive
strain and from the final
model and the test of [5]

Final model Experiment

Strain −0.000900 −0.000873
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4 Conclusions

This study presented modeling choices used in the analysis of an experiment
conducted on a polymer liner spanning across a circular perforation in a steel test
pipe. Three different modeling choices were investigated–the length of the pipe and
liner system that was modeled, the element type used in the analysis, and the number
of load steps employed. Analysis was then undertaken using a more detailed mesh,
and a comparison presented between the axial strains measured along the inside of
the liner during the experiment, and the finite element calculations. This revealed
that the analysis was reproducing the correct pattern of axial strains, with the peak
(most compressive) strain under the centre of the perforation estimated within 3%
of the measurement. Greater differences were, however, observed at and beyond the
perimeter of the perforation, possibly due to the choice of friction angle modeled
between the liner and the steel pipe. The use of a friction angle of 30° produced
an overestimate of the maximum strain at the perimeter of the perforation while
underestimating the attenuation length beyond the perforation.
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Practical Considerations
for Implementing SHM Systems
in Highway Bridges

E. MacLeod, B. Wyman, J. Matthews, and K. Arjomandi

1 Introduction

As infrastructure ages, conditions and natural hazards such as corrosion, fatigue,
scour and earthquakes can deteriorate its performance [2]. According to the Cana-
dian Society of Civil Engineers’ “Canadian Infrastructure Report Card,” currently
in Canada $13 billion worth of bridge infrastructure needs rehabilitation or replace-
ment, a number which is anticipated to keep increasing in the future. It is there-
fore important to develop efficient condition-based monitoring strategies such as the
structural health monitoring (SHM) approaches, which can continuously monitor
structures during their lifespan. The main objective of SHM techniques is to enable
more effective performance and safety assessments. Structural Health Monitoring
systems (SHM) are comparable to regular checkups performed by physicians and
are essential when dealing with critical structures used by the public [3].

Oversize and overweight vehicles have become a common concern worldwide as
the demand to structural capacity ratio is continuously increasing due to changes in
traffic and aging of bridge structures. Overweight trucks can cause serious damage
to bridges and accelerate the degradation, causing fatigue problems and shortening
service life. The province of New Brunswick, located in Atlantic Canada, is home
to 770,000 residents and more than 3000 bridges. The large number of bridges
per capita combined with a high ratio of heavy commercial vehicle traffic and a
small number of commercial vehicle enforcement officers,makes overweight loading
a significant concern for the New Brunswick Department of Transportation and
Infrastructure (NBDTI). There is a growing desire for the development of real-time
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remote monitoring programs to monitor the frequency of over weight loading events
and the effect they have on the bridge structures.

Most health monitoring efforts are isolated applications of single SHM tech-
niques. Therefore, a research project was proposed to NBDTI that aims to develop
an integrated framework using data from various SHM methods, visual inspections,
and previously collected data by NBDTI. This framework will incorporate multiple
established techniques into a single low-cost continuous monitoring system capable
of assessing the bridge structural safety in real time. The systemwill also be deployed
as a Bridge Weigh in Motion (BWIM) system that can measure the axle weight and
spacing of trucks crossing the bridge at the highway speed [5]. The system includes
state of the art instruments and equipment and comprises of, strain gauges, accelerom-
eters, thermocouples, a camera, a programable data acquisition system, and network
communication hardware. This research and development project addresses several
key areas with significant importance to NBDTI and UNB. These areas include:

1. The development of a convenient and practical method for measurement of
structural safety of major bridges in real time;

2. The development of a cost-effective weigh-in-motion solution for temporary
and permanent measurement of traffic characteristics;

3. Development of a real time,modular, and scalable bridgemonitoring system that
can be deployed on a network of bridges which supports the bridge designers
and bridge management strategies.

This paper aims to highlight some of the practical considerations to implementing
aSHMsystem forNBDTI at theWestfieldRoute 7 overpass (assetW475) inWestfield
New Brunswick. The paper will cover the selection and preliminary analysis of the
structure, sensor selection and placement, data acquisition system selection, system
installation and some lessons learned.

2 Case Study Bridge Selection

The structure chosen for instrumentation is the Westfield Route 7 overpass (asset
W475). The bridge is a 58 m three span bridge built in 1986 consisting of six contin-
uous prestressed concrete girders shown in Fig. 1. When selecting a structure to
instrument, it is essential to consider the applicability to the project goals, suitability
for analytical purposes, and feasibility of instrumentation. Considering the project
goals, W475 was found to be a suitable candidate for achieving all three. As the
bridge is on a major traffic corridor the bridge safety is of a high priority, therefore
it is suitable for the development of a practical real-time SHM system. Route 7 is
a heavy trucking route with mostly through traffic, making it a good test structure
for estimating the traffic characteristics of commercial vehicles passing between the
cities of Saint John and Fredericton. W475 is a very common overpass design in
New Brunswick and as one of the project goals is to develop a scalable system,
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Fig. 1 W475 elevation and typical deck cross section

it is beneficial that the developed techniques could be readily applied to numerous
structures in the network.

The second major consideration for selection is the suitability of the structure
for the desired analysis. In order increase the likelihood of completing successful
modal identification from vibration monitoring, it is necessary that the structure has
suitable dynamic characteristics. In the case of W475, the structure does not posses
any significant nonlinearities, is relatively flexible due to its length, and also has
simple symmetric geometry. When performing BWIM it is desirable for the vehicles
to be traveling at a constant velocity across the bridge structure. The ramps for the
Westfield overpass are located a considerable distance before and after the bridge,
seen in Fig. 2, allowing enough of an approach for traffic to reach a constant velocity
while crossing the bridge. The bridge also has one lane in each travel direction. This
eliminates the occurrence of side by side vehicles traveling in the same direction
which can greatly increase the complexity of analysis. The structure has some unde-
sirable characteristics for BWIM as well. For example, multiple spans can allow
multiple vehicles to be present on the bridge simultaneously adding complexity to
the analysis. As there will always be compromise when selecting a structure for
instrumentation it was the authors’ opinion that the benefits of selecting this bridge
outweighed the potential challenges.

The final consideration, which can often be the limiting factor, is the feasibility of
instrumentation. There were a number of factors that contributed to selecting W475
as a feasible bridge to instrument. As it was not built over a waterway, it was possible
to install all instrumentation from below the structure using a lift. This ensured no
disruption to the highway traffic on the bridge and only moderate disruption to the
traffic below. It is necessary to consider if all areas of the bridge are accessible with
the equipment available. In the case of the Westfield overpass, the available boom
lift was not able to reach the approach spans from the road, therefore the drainage
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Fig. 2 Satellite image of Westfield Route 7 overpass (asset W475) showing orientation and ramps

ditches were used to access the underside of the approach spans as seen in Fig. 3a. At
the north approach span, the ground was too soft for the lift. Therefore, as shown in
Fig. 3b a temporary earth ramp was constructed to allow access. Access to electrical
can also be a limiting factor when designing a SHM system and often the only
option is to use batteries or solar. Due to the high power demands and reliability
requirements of our real-time system, these power alternatives were not on a viable
option. A tie-in to existing wires which was already present at W475 from previous
maintenance the expansion joints was required. As the SHM system must be able
to communicate results to NBDTI in real-time over a wireless internet connection it
was necessary to determine that there was adequate cellular coverage at the site.

Fig. 3 a boom lift utilized for project. b temporary earth ramp
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3 Preliminary Analysis of the Structure

A preliminary analysis of the structure was performed in order to determine the
necessary number, type, and location of sensors. In BWIM systems, axle detection
techniques are used to estimate vehicle velocity, axle spacing, and axle position in
the lane. This information can be incorporated into weight estimation techniques
[7]. Free-of-axle detector (FAD) algorithms have been developed where sensors,
typically strain gauges, are placed underneath the bridge and the vehicle properties
can be extracted from the localized structural response [6]. Typically, two FAD
sensors are allocated to each lane where one of the sensors should be mounted at
around 20–40% of the span and the other at around 60–80% of the span [4]. To
determine the ideal orientation of the FAD sensors, an influence surface analysis was
conducted in CSiBridge using a finite-element model of the W475 bridge shown
in Fig. 4. The deck elements were modelled using four-node quadrilateral shell
elements with the maximum submesh size set to 100 mm which is less than the
expected contact length of a tire. This is small enough to capture a realistic influence
surface for the localized stress response expected by FAD sensors. A comparison
between longitudinal and transverse measurement directions was performed. The
result of the influence surface analysis is presented in Fig. 5. Longitudinal sensor
placement resulted in a much smaller influence area width compared to transverse
sensor placement, although their peak prominences are similar. The influence area
width in both cases is bound between the two nearest girders making them insensitive
to vehicles travelling in the other lane. However, influence in the transverse direction
ismore prominent as the vehicle deviates from the expectedwheel path. These results
align with the results of the experimental tests conducted by Brown [1]. The authors
decided to use transversely oriented strain gauges placed on the underside of the deck
in the approach span at 33% of the span length. This orientation will increase the
width of the wheel path to get more reliable results when the vehicle deviates from
the middle of the lane. The approach span was selected to minimize the dynamic

Fig. 4 W475 finite-element model in CSiBridge
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Fig. 5 Influence surface for the bottom stress (in MPa) of a shell element representing the deck
soffit longitudinally located at 33% of span 1 and transversely located in the expected wheel path:
a S11, the longitudinal stress; b S22, the transverse stress

effects of the bridge. Strain gauges are installed at midspan which is the location
of maximum bending strain to measure bending and the vehicle response. To avoid
damaging the prestressing in the bottom flange, the gauges are placed in the web
above the chamfer of the bottom flange avoiding stress concentrations. The sensor
layout is shown in Fig. 6.

Fig. 6 Sensor placement showing weighing and axle detection sensors as well as accelerometers
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Table 1 Sensor types and model as well as the key specification for considered for selection

Sensor type Model Specifications

Strain Gauge BDI ST 350 • Rugged construction and weather
proof

• Strain Range of ±4000 με is more
than adequate to capture expected
strain of 30 με

• Temperature Rating: −50 to +80 °C
adequate for expected environment

Accelerometer PCB Uniaxial Low Frequency
Industrial ICP

• Sensitivity (±5%) of 500 mV/g will
provide good resolution for modal
analysis

• Freq 0.2–6000 Hz encompasses
estimated first 6 natural frequencies

• Hermetic sealing for weatherproofing
• Operating Temperature Range −54 to
121 °C adequate for expected
environment

Camera Basler acA1440-73gc with EO C
Series 35 mm Lens

• 73 frames per second adequate for
capturing moving traffic

• 1.6 MP resolution enables
identification of vehicles

• LabView compatible for ease of
programming

Thermocouple NI T-Type • Field cuttable for ease of installation
• Operating Temperature Range −200
to 260 °C encompasses expected
temperatures on site

A simplified 3Dbeammodel representative of the bridge structurewas constructed
in SAP2000 to determine the location and number of accelerometers necessary to
capture the dominant mode shapes when performing Operational Modal Analysis
(OMA). After performing a modal analysis of the model, the number of inflection
points was identified for each calculated mode shape. It was then possible to deter-
mine the required number of sensors to fully capture each mode shape, as one sensor
is required per inflection point. Based on these results it was decided to use eight
accelerometers to capture the first six mode shapes. Higher mode shapes can often
be difficult to excite and contribute less to the overall structural response. It was
decided that capturing higher modes did not justify the added cost of more sensors
and channels. Accelerometers are installed along the underside of the exterior beams
in both the main and approach spans seen in Fig. 6 to fully capture the first 6 mode
shapes.
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Fig. 7 a BDI ST 350 strain gauge, b PCB Uniaxial Low Frequency Industrial ICP, c Basler
acA1440-73gc camera, d NI T-Type thermocouple

4 Sensor Selection

Once the number of sensors and location has been established it is necessary to deter-
mine the specific sensors (makes and models) based on the required capabilities and
operating conditions. The sensors selected for this project and themain specifications
considered in their selection are summarized below in Table 1 and shown in Fig. 7.

5 Data Acquisition System Selection

The data acquisition system (DAQ) consists of two main components: 1) a National
Instruments CompactRIO (Real-time Industrial Controller), cRIO-9047 with a
1.60 GHz Quad-Core CPU, 4 GB RAM and 8 card slots; 2) a Dell OptiPlex 7070
with Intel® Core™ i5-9500 T (2.2 GHz) processor, 8 GB RAM and a 256 GB SSD.
The cRIO-9047 is a rugged modular data acquisition system that runs a Linux Real-
Time OS which results in reliable long-term performance and determinism. The
hardware enables the use of National Instruments LabVIEW programing language
which has many useful built-in functions for data acquisition applications. Though
the cRIO-9047 can run headlessly once programmed the Dell OptiPlex was added
to the system to increase its capabilities and ease of access. Having a Windows PC
on site allows remote network access to monitor performance and deploy and debug
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Fig. 8 a DAQ enclosure and contents. b external cellular antennae enclosure

new code modules. The PC has the ability to communicate data to a database on a
UNB server and also has greater internal expandable storage for data locally. Finally,
the PC enables some of the computationally expensive and non-time critical tasks to
be unloaded from the cRIO to ensure the real-time system stays deterministic.

Once the acquisition system is selected a suitable enclosure must be sized and
designed to meet the needs of the system. If the enclosure is openly accessible to the
public, it should be locked and secured to avoid theft or vandalism and preferably
placed out of direct line of sight from traffic or pedestrians. The enclosure selected
for Westfield shown in Fig. 8a is a durable locking enameled steel enclosure. It is
anchored to the abutment between the girders and is therefore not easily visible from
the roadway. The enclosure is a weatherproof construction to withstand the elements
and has a vent and drain to reduce internal moisture and condensation. It is also
important to consider the operating temperatures of the electronic hardware in the
acquisition system. The cRIO-9047 is rated for a temperature range of −40 to 70 °C
which is adequate for our application. However, the Dell OptiPlex is only rated for
0 to 70 °C. Therefore, a heater was added to the system to ensure the interior of
the enclosure remains at 15 °C for optimal performance. The addition of fuses can
also be beneficial to isolate sensitive equipment from surges or shorts. Fuses were
included in the enclosure design to isolate each component from both the external
power source and internal power supplies. It is essential to guarantee a sufficient
cellular signal if a cellular modem will be used. Due to the construction of the box
no signal was available from the interior and an external antennae enclosure was
added as shown in Fig. 8b. Finally, to improve ease of access and ensure proper
connection, it is suggested the electrical wiring be neat and consistently coloured
and cable trays used to keep data cables organized and orderly.
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6 Programming and Data Management

Data processing and acquisition is performed using LabVIEW, the native programing
language for National Instruments. This enables seamless integration with the cRIO
system and has many useful toolboxes and functionalities. The system programming
is still currently under development and a basic system is currently running at the
site while a more comprehensive version is developed by researchers at UNB. The
current program is a real-time system where the acquisition is performed on the
cRIO and then transferred over the network to the host PC to be saved to disk.
This system is not deterministic and contains no comprehensive error handling or
performance monitoring, however, it is suitable to record continuous raw data. The
comprehensive version in development will build on the current system and improve
performance and reliability. This will be achieved by separating deterministic and
non-deterministic tasks on the cRIO, ensuring that no data is lost or dropped. Data
will both be saved on aUSBflash-drive at the real-time target for ease of access and on
a solid state disk on the host computer for backup and processing. Advanced specific
and central error handling will be employed to minimize downtime and the addition
of error logging will aid in future debugging and diagnostics. A system watchdog
and a monitoring process will be utilized to ensure the program is running smoothly
and alert researchers if any problems are discovered. Finally, event triggering will
be added to capture events of interest which will be transferred to a UNB server via
a database connectivity module.

7 System Installation

Many SHM systems in the literature are designed for short to medium term duration
and therefore do not need to be installed with durable or protected hardware. This
project is to be permanent and in place for multiple years, therefore a lot of attention
was spent developing a system that would be secure and durable. Often, in short term
applications, bare cables can be taped or strapped to the structure being monitored.
Instead, to improve weatherproofing, the entire system at Westfield is enclosed in
rigid and flexible PVC schedule 40 conduit seen in Fig. 9a. Junction boxes are
used at the conduct intersections and sensor locations, shown in Fig. 9b, for ease of
installation and maintenance. The rigid conduit and junction boxes were installed
first to ensure proper fit and avoid damaging the sensors and cables. The conduit was
installed in the web just above the chamfer to provide a flat surface for clamping.
Anchors and brackets were used that did not fully penetrate the concrete cover and
risk damaging the steel reinforcement. A string was installed in the conduit to allow
the cabled to be pulled through as the sensors were installed afterwards. This was
done beginning furthest from the DAQ and working back towards it. To facilitate
the cable pulling, a low conduit utilization was used and the cables were bundled
together and pulled as one unit to reduce friction and winding.
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Fig. 9 a rigid and flexible PVC schedule 40 conduit, b custom drilled junction boxes c strain gauge
with 24 inch expander bar d accelerometer mounting e camera and power pole f DAQ enclosure

Whenmounting the sensors considerations had to be given to durability, the ease of
installation from the lift, if special tools or hardwarewere required, how themounting
method would affect the quality of the signal, and finally, if the mounting method
could inflict damage to the concrete structure. The strain gauges were mounted with
24 inch expander bars, shown in Fig. 9c, to ensure average strain in the concrete (and
not aggregate strain) was being measured. The gauges were mounted with 0.25 inch
diameter anchor studs that were drilled 1.125 inches into the concrete to stay in the
concrete cover. All of the studs and hardware are stainless steel to avoid corrosion.
The accelerometers were mounted to the bridge with a custom threaded stainless
steel rod secured into a seismic drop-in anchor seen in Fig. 10d. The anchor was
selected for its shallow embedment depth which is less than the thickness of cover
and its performance in cracked concrete. The custom fabricated rod, shown in Fig. 10,
was necessary to interface between the 3/8′′-16 thread of the anchor and the internal
1/4′′-28 thread of the accelerometer. The middle portion of the shaft was unthreaded
to ensure that the accelerometer was “free floating” and clamped to the bridge with
the top nut, rather than threaded to the rod itself. This is to eliminate the natural
frequency of the rod from the measured spectrum. A spherical washer assembly was
used between the sensor and concrete to account for any out of plumbness of the hole
and ensure an even contact interface. Again, all hardware is stainless steel to reduce
corrosion. The camera was mounted to the existing power poke in a weatherproof
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Fig. 10 Custom threaded 3/8′′-16 to 1/4′′-28 stainless steel rod

enclosure as seen in Fig. 9e, with the cables run in a flexible conduit buried in the
embank. Finally, the DAQ enclosure is mounted on the abutment on two sections of
square channeling with the power and camera cables entering from the side and the
data cables entering from the bottom as shown in Fig. 10f.

8 Lessons Learned

The authors would like to conclude this paper with some lessons learned throughout
the process of installing a hybrid SHM system in Westfield NB. One aspect that
proved more difficult than expected was pulling the cables through the conduit. The
long runs and sharp 90° bends can add significant friction to the point it was no
longer possible to make any progress. Lubricating the cables with a cable lubricant
solved this problem and enabled the installation to be completed without damaging
the cables. When designing the system the skew of the bridge was ignored, however,
this created challenges as the system was designed to meet at right angles along the
diaphragm and had to be adapted on site. It is therefore essential to carefully consider
all bridge geometries as well as sketch the planned system, to scale, to ensure proper
fit. In a large project good organization is key to ensure hardware is installed correctly
and delays are limited. For this project each intersection and junction followed a
coding system and the components for that junction were labeled accordingly. This
increased efficiency and facilitated confirming the correct hardware was selected.
Hardware and conduit was first dry-fit on the ground to expedite the installation to.
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This ensured that all hardware necessary was present and that everything fit properly
before beginning to install the components in the lift as it was easier to modify
components on the ground than in the lift. Finally, expect delays and stay flexible
as problems and delays will most certainly arise and need to be overcome. In this
regard it helps to have some extra time worked into you’re schedule to ensure the
project can still be completed on deadline.
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4. Kalin J, Žnidarič A, Lavrič I (2006) Practical implementation of nothing-on-the-road bridge

weigh-in-motion system. In: Proceedings 9th intenational symposium on heavy vehicle weights
and dimensions, vol 207, pp 3–10

5. Richardson J, Jones S, Brown A, O’Brien E, Hajializadeh D (2014) On the use of bridge weigh-
in-motion for overweight truck enforcement. Int J Heavy Veh Syst 21(2):83

6. WAVE (2001) Weighing-in-Motion of Axles and Vehicles for Europe (WAVE): Report of Work
Package 1.2. Work. Laboratoire Central des Ponts et Chaussées, Paris

7. Yu Y, Cai CS, Deng L (2016) State-of-the-art review on bridge weigh-in-motion technology.
Adv Struct Eng 19(9):1514–1530. https://doi.org/10.1177/1369433216655922

https://doi.org/10.1177/1369433216655922


Fatigue Assessment of Shear Studs
for Steel-Concrete Composite Bridges
Using the Hot-Spot Stress Approach

S. Arbuckle and S. Walbridge

1 Introduction

The use of nominal stress (NS) methods for the fatigue evaluation of shear studs
in steel-concrete composite bridges is the norm within research and in practice.
Additionally, the current design provisions are not based on full-beam tests, rather,
they are based on a conservative ‘push-out’ direct shear test, and the test results are
lacking in the high-cycle fatigue life domain for which most bridges are designed.
Another direct shear testing method was recently developed, called the ‘push-plate’
method, which can enable efficient testing in the high-cycle domain and thus offer
a formal basis for establishing an endurance limit. However, this method is highly-
conservative in contrast to a full composite beam test. In order to relate results from
these different test types to each other and to expected behaviour in the field, local
stress approaches can be used to capture the effects of various factors attributed to
the boundary conditions. This paper presents a hot-spot stress (HSS) analysis of 18
push-plate fatigue tests in the intermediate-life domain and presents a parametric
study performed using the developed FE model.

2 Background

Hot-spot stress (HSS), also called ‘structural stress’, considers the effect of local
stress concentrations due to geometrical variations at the crack initiation site of a
structural detail. The membrane and bending stresses are considered in the HSS
calculation, but the non-linear stress peak, shown in Fig. 1, is neglected [10]. The
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Fig. 1 Stress distribution across the plate thickness for a fillet-welded attachment undergoing
transverse loading [8]

effect of the notch is considered in the experimentally determined S-N (stress-life)
curves, and this enables a simplified stress analysis, which allows for the consid-
eration of complex geometries and/or boundary conditions when paired with finite
element (FE) models.

The International Institute of Welding (IIW) provides recommendations for esti-
mating the HSS based on linear or quadratic extrapolation methods, for either fine
or coarse FE model meshes [7]. Equation 1 and Eq. 2 are used in conjunction with
a fine mesh model to determine Type A (membrane plus bending stress present) and
Type B HSS (membrane stress only), respectively:

σHS,A = 2.52σ0.4t − 2.24σ0.9t + 0.72σ1.4t (1)

σHS,B = 3σ4mm − 3σ8mm + σ12mm (2)

where, σHS, A is the Type AHSS, and σ0.4t, σ0.9t, and σ1.4t are the stresses along the
surface of the plate/stud located a distance of 0.4, 0.9, and 1.4 times the plate/stud
thickness/diameter away from the weld toe, respectively; σHS, B is the Type B HSS,
and σ4mm, σ8mm, and σ12mm are the stresses along the surface of the plate located at a
distance of 4, 8, and 12mmaway from theweld toe, respectively. These extrapolation
methods, alongwith the possible failure locations on a shear stud, are shown in Fig. 2,
where the toe/shank, “T/S” and the toe/plate, “T/P” failure modes are identified.

In practice, the fatigue life of shear studs is evaluated using the nominal stress (NS)
approach. The provisions of the Canadian Highway Bridge Design Code (CHBDC)
were formed based on push-out tests performed by [13], and later refined based on
the regression analysis of a large push-out test database by [14]. In 2010, shear studs
were defined as Category D, following the log-log curve shown in Eq. 3; however, in
2019, a new category, ‘Category S’, was created to address the overly conservative
Cat. D endurance limit [5, 6]. In general:
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Fig. 2 Quadratic extrapolation of Type A (left) and Type B (centre) HSS used for the T/P failure
mode [3], T/S and T/P failure modes illustrated on a shear stud (right)

S =
( γ

N

)1/m
(3)

where, S and N are the nominal stress range (MPa) and fatigue life (no. of cycles),
respectively, and γ and m are equal to 721 · (109) and 3, respectively, above the
constant amplitude fatigue limit (CAFL) for Cat. D and S details. Below the CAFL
of 48 MPa for Category D and 70 MPa CAFL for Category S, the slope, m, changes
to m’ = 5, and γ becomes γ’ = 1.66 · (1015) and 3.43 · (1015), respectively. The
curves bottom out at a variable amplitude fatigue limit (VAFL), which is somewhat
arbitrarily declared to be half of the CAFL (i.e., 24 MPa and 35 MPa for Cat. D
and Cat. S, respectively). Figure 3 shows the CHBDC design curve alongside the
semi-log AASHTO curve, as well as the log-log curve from Eurocode 4, which has
a slope of 8 and no fatigue limit [2, 4, 5]. Also, a cloud of push-out test results from
the literature, with information about failure type disseminated by [11], and initial
stud failures from full-beam tests done by [12] are plotted. It is evident here that

Fig. 3 S-N curve comparison for various design codes
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the T/S failures into the stud shank are generally only associated with higher stress
levels and lower fatigue lives.

The first and only known application of the HSS method with shear studs was
reported in a study by [9]. The familiar push-out test apparatus, as seen in the seminal
work done by [13] and several other experimental studies, was analysed using FE
models to determine the Type A HSS for failure at the weld-plate interface (T/P
failure). The researchers found that the standard S-N curve obtained via HSS was
consistent with design curves recommended by the IIW. The significance of HSS
being a valid fatigue evaluation approach is that it can be used to account for factors
that are otherwise ignored by the NS approach (e.g., varying stud pitch, stud eccen-
tricity, concrete creep, material plasticity, etc.). It can also consider other critical
factors that are of interest in the current study,namely, plate thickness, as well as the
point-of-application of an equivalent point load (lever arm), which is a function of
the stud height.

3 Description of Push-Plate Test and FE Model

The push-plate test configuration, shown in Fig. 4, consists of a headed stud (22
or 25 mm diameter) welded to a mild steel (300 W) plate, a second plate with an
overhang extending into the test frame grips, and a third plate functioning as a spacer.
Another plate with a two-way radius machined to match the stud geometry is placed
in the opposing end of the test frame and then moved to contact the stud shank. A
100-kN capacity frame with constant-amplitude loading applied at 10 to 15 Hz was
utilized.

Twomodel variantswere developedusing thefinite element (FE) analysis software
ABAQUS (Fig. 5). The contact interaction between the load-plate and stud was
included in the initial model; however, this was replaced with a load applied directly

Fig. 4 Stud contact plate geometry (left) and push-plate specimen configuration (right) (units in
mm)
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Fig. 5 Progression from the test set-up (right), to the initial (centre) and final (left) FE models

to the stud shank to reduce computational effort. The base plate was partitioned to
obtain the stress at the locations required to estimate the HSS. The weld geometry
was modelled without a radius. The width and height of the weld profile used was
2.5 and 6.5 mm, respectively, for the 22 stud, and 2.9 and 7.4 mm, respectively, for
the 25 mm stud.

A Young’s modulus of 200 GPa and Poisson’s ratio of 0.3 was used to model the
stud and steel plates in a 3D elastic analysis. The meshes for the two FE models
are shown in Fig. 6. Both models used an element size of 2 mm, but the model
with the contact plate required a finer mesh around the point of contact. The first

Fig. 6 Mesh of the initial (left) and final (right) FE model



254 S. Arbuckle and S. Walbridge

model utilized 10-node quadratic tetrahedron elements, whereas the second model
utilized 8-node linear brick elements with reduced integration and hourglass control
throughout, and 6-node triangular prism elements within the region around the base
of the stud.

4 Results

4.1 Experimental Test Results

The fatigue test results are shown in Fig. 7 for the ten 25-mm diameter studs and
eight 22-mmdiameter studswelded to 25-mm-thickbase plates.NS results are plotted
for the tests, along with HSS at the T/P and T/S locations, which where computed
using the results obtained from the FE model and the Type B quadratic extrapolation
method, shown previously in Eq. 2. It should be noted that even though the structural
stress for this geometry included bending and membrane components at both crack
locations, the compactness of the specimen geometry makes the application of Eq. 1
(Type A HSS) problematic.

The observed failure type is also indicated in Fig. 7, and T/S failures (cracking
through the shank) appeared for high stress, low-cycle tests, and not frequently,which
is consistent with the push-out test failures reported in the literature. Also, curves
with a slope, m, of 5, following the Eurocode “FAT” fatigue design curve convention
(i.e., FAT stress level corresponding to 2 · (106) cycles), are plotted for the HSS for
each type and stud size [4]. For example, the FAT67 curve (m = 5) passes through
the point at 2 · (106) cycles and a stress range of 67MPa. FAT157 and FAT162 curves
are shown for the Type B HSS at point T/S for the 22 and 25 mm studs, respectively.

Fig. 7 Stress-life fatigue test results with corresponding Type B HSS obtained from FE model
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Fig. 8 Observed T/P (left) and T/S (right) fatigue failures, with direction of load indicated

Similarly, the FAT curves shown point T/P are for Type B HSS and are FAT53 and
FAT162 for the 22 mm and 25 mm studs, respectively.

The push-plate test method is shown to be conservative (i.e. it yields lower NS
results) compared toCSAS6 curve (which corresponds tomean push-out results) and
compared to the beam tests done by [12]. It is suspected that the lack of confinement
provided by concrete, and the resulting boundary conditions (e.g., local compressive
stresses, friction), contribute to this conservatism. Also, it is evident that the higher
HSS at the point T/S determined using the FEAwith a geometrical-defect-free model
does not capture the true fatigue behaviour of the studs. Failure at the point T/P is
more prevalent, likely due to the defect-prone weld/plate interface and the prevalence
of imperfect welds that do not form a uniform weld profile around the circumference
of the stud shank. This phenomenon also be a function of the plate thickness and
load lever arm used, which will be investigated in the parametric study.

Examples of both failure types are shown in Fig. 8, which also illustrates the
potential for variation in weld geometry and quality, which are critical factors for
fatigue life.

4.2 Parametric Study

The parametric study investigated the influence of stud size, base plate boundary
conditions, and base plate thickness on HSS at the T/P and T/S points, looking at
different stud sizes, as the distance from the stud base to the point-of-application of
the load, or lever arm, d, was varied. This is meant to simulate an equivalent point
load acting on a stud embedded in concrete due to the shear stress distribution along
the stud height. A load corresponding to a nominal shear stress of 60 MPa was used
throughout. Figure 9 shows the Type A and Type B HSS at the point T/S for the two
stud sizes (22 and 25 mm).
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Fig. 9 Lever arm length vs. HSS at T/S for different stud diameters

The results indicate that the smaller stud experiences a greater HSS at the T/S
point, and this effect increases as the lever arm increases. The curves deviate from
a straight line because of the local stresses near the point-of-application of the load,
this is overly apparent for Type A HSS due to the location of the stress extrapolation
points along the stud shank. This study shows that the HSS at the point T/S can be
estimated as Type B. Next, the boundary conditions were varied for the 22-mm stud
specimen to investigate the effect on HSS at the point T/P. The end of the base plate
remained unchanged (free) in one case, and in the other case, movement of the end
of the base plate was restricted as if the underside was welded to the web of a beam
(i.e., no displacement normal to the axis of the base plate is permitted). Also, the
comparable unconstrained 25 mm stud model is plotted. The results are shown in
Fig. 10.

Finally, the effect of the base plate thickness on the HSS at T/P is investigated.
The results for the 22 mm stud and various base plate thicknesses at 5-mm incre-
ments down from the 25.4-mm thick base plate used in the experimental testing are
presented in Fig. 11. A graphical representation of the Type A and Type B HSS at
T/P for each plate thickness and a constant lever arm of 16 mm is shown in Fig. 12.

This study helps explain the relatively low HSS at the T/P location computed
for the experimental specimen, which had a base plate thickness of 25.4 mm. When
using the HSS approach for shear studs, it is apparent that the base plate (flange)
thickness is an important parameter to consider when evaluating test results. The S-N
curve reported by [9] was based on the Type AHSS at the T/P location for a push-out
specimen with a flange thickness of 11 mm. They determined an average hot-spot
fatigue strength of FAT187 and a FAT107 standard fatigue design curve, which is
much greater than what was found in the current study for the push-plate test (c.f.
a range of FAT16 to FAT67). The results reported by [9]—with a nominal stress of
60 MPa corresponding to a Type A HSS of 172 MPa—are in line with the results of
the current parametric study, specifically, looking at the Type A HSS at T/P for the
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Fig. 10 Lever arm length vs. HSS at T/P for different base plate boundary conditions and stud
diameters

Fig. 11 Lever arm length vs. HSS at T/P for different base plate thicknesses

FE model with a comparable plate thickness (10.4 mm). Thus, it can be concluded
that a modification to the test results may be necessary to draw comparisons between
analyses involving HSS with different plate thicknesses, as well as other specimen
geometrical features such as stud height and specimen configuration (i.e., push-plate,
push-out, or full beam test). Also, failure at the T/S location should be investigated
in conjunction with this. Overall, T/S failure is more desirable in practice since it
is contained to the individual stud and is does not have as much potential to be
detrimental on a global scale. This failure has a greater likelihood of occurring in the
case of a smaller stud diameter, thicker base plate, and longer lever arm.
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Fig. 12 Type A and Type B HSS at T/P plotted for various base plate thicknesses (lever arm =
16 mm)

5 Conclusions and Recommendations

Based on the results presented in this paper, the following conclusions are made:

• Despite its conservatism, the simple push-plate testing apparatus proved to be
effective in producing repeatable fatigue tests with S-N results that follow a trend,
and the fatigue failures and their corresponding failure type were similar that of
push-out tests in the literature. Future fatigue testing should be completed in the
high-cycle domain to establish an endurance limit.

• It was observed that the drawn-arc stud welding process produces welds that can
range significantly in both their quality (e.g., consistency around the circumfer-
ence of the stud) andprofile geometry and can therefore influence the predictability
of the crack initiation site location (T/P or T/S failure) and the overall fatigue life.
Futurework should consider the notch effect for variousweld geometries using the
effective notch stress (ENS) method so the failure mode can be more accurately
predicted.
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• The final simplified FE model used was able to produce results in a reasonable
runtime and allowed for a time-effective parameter study; however, further work
should be done to study the effect of the element size, and experimental tests
measuring strain at various point along the base plate and stud shank should be
done to validate the model.

• The hot-spot stress of studs at the point T/P was influenced by the location of the
applied load (lever arm), the base plate boundary conditions, and the thickness of
the base plate (flange). Future FE modelling should be done for push-out tests to
compare the results of the push-plate tests with the S-N curves in design codes, as
well as for full composite beams to align the push-plate and push-out test results
to reality and improve fatigue design practices.

• Design practice should consider the two failure modes (T/S and T/P), e.g. sepa-
rate S-N curves for each, as the governing mode can be influenced by the
aforementioned parameters, particularly stud diameter.
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A Computational Analysis
for an Adaptive Tensegrity-Based
Four-Module Roof Structure

S. Paul and A. C. Sychterz

1 Introduction

In addition to the building industry’s contribution of 29% of total waste in the
United States [11], current over-conservative design practices are a burden on natural
resources. The viable solution for future infrastructure, such as adaptive and tenseg-
rity structures, will optimize material usage with sustainable control systems. Adap-
tive structures can undergo shape-change [14] tomeet design requirement in response
to external loads [26]. These structures can be active, deployable, controllable, and
include sensory as well as machine learning systems [27], which are properties
that are easily studied using tensegrity structures. Tensegrity structures are closely
coupled, pin-jointed structures composed of a set of bars in compression, surrounded
by a network of cables in tension and are held stable in a state of self-stress [4, 20].

Active vibration control has been used to tackle heavy dynamic loading such as
earthquake and wind loads [23]. This concept has been studied for tall buildings
suing tendons as active control [1], the bracing systems [15] to control the response
for vibrational forces [3]. Active control is used in cable stayed bridges to control
the displacements [19] and [28]. Cable tendons are also used in adaptive prestressing
and control algorithms were developed for load induced optimized prestressing [21].
Tensegrity structures are costlier than passive structures [22]. However, this extra
cost can manage to reduce the effect on environment and integrating the concept
of adaptivity can further lower the cost by helping to reduce effective load on the
structure.

Tensegrity structures feature uniquevisualizationqualities and topological charac-
teristics. It has been studied on space structures that through active control, tensegrity
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structures have the potential towiden the scope of research in the areas of lightweight,
reusable and innovative structural systems [5, 10]. One of the important character-
istics of tensegrity structures is that it is deployable. Deployable structures can be
defined as structures which changes shape, to change size [14]. The mechanism of a
deployable hollow-rope tensegrity footbridge structure is studied and implemented
through the actuation of its cables [16–18]. Deployable tensegrity structures have
also been studied for masts [7]. Apart from these, tensegrity structures have wide
scope of applications in civil and architectural systems like towers, large domes,
roofs and tent structures [7].

Only two proposed tensegrity roof structures are “tensegrity roof structures for
atrium roofs” in Reuters headquarters in London, which was never built, while the
other one is the new La Plata Stadium (Argentina) based on a concept by archi-
tect Roberto Ferriera [9]. In terms of computational research, half-cuboctahedron
tensegrity grid is studied for roof structures which was found to be more suitable
for large span structures [24]. An older study proposed dismountable tensegrity grid
as an alternative to roof structure. Advantages to these structures include ease of
production, construction, and disassembly [13]. Variable geometry truss (VGT) and
origami concepts have been used to study foldable roof structures [12] and [8]. In
2011, a novel mechanism called scissor-hinge was proposed for convertible roof [2,
6]. Although there are some ideas presented separately in the areas of tensegrity
structure and adaptive roofs, there is hardly any literature in conjunction with the
two ideas. Tensegrity structures are deployable and adaptive roofs are something of
great interest in recent times, an adaptive tensegrity roof structure is something apt
for exploration.

In this paper, a four-module tensegrity roof structure is proposed which is inspired
from the hollow tensegrity footbridge structure proposed by Motro [17]. The four-
module roof structure is formed by using the upper part of the footbridge structure.
A computational analysis of this four-module tensegrity roof structure is performed
using dynamic relaxation (DR) method. Combinations of actuated struts are studied
to change the overall shape of the roof structure. This is one of the ways a roof can
adapt itself to counteract the different loads it can experience through its lifetime due
to various hazards. A comparison is made between the set struts actuated in terms of
the observed change of shape to the total length of actuation of the struts.

2 Methodology

2.1 Description of the Proposed Roof Structure

A four-module tensegrity roof structure inspired from the hollow tensegrity foot-
bridge structure proposed by Motro is proposed (Fig. 1). It consists of a combination
of cables and bars (struts). The Young’s modulus and cross-sectional area considered
for the cables and bars are 240 kN/cm2 and 0.018 cm2, and 340 kN/cm2 and 0.64
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Fig. 1 3D view of the proposed tensegrity roof structure

Fig. 2 2D view of the structure along a x-z plane b y-z plane

cm2 respectively for the computational analysis. All the nodes lying on the x-y plane
are considered to be laid on rails along the x-axis, that is, these nodes are only free
to move in the x-direction. All the end nodes are pinned, that is, it cannot move in
any direction. The rest of the nodes are free to move along all directions.

The two-dimensional view of the tensegrity roof structure along the x-z plane and
y-z plane is depicted in Fig. 2 along with the dimensions. The length of each module
is 100 cm. The structure is 400 cm in length, 77.9 cm in height and 148.2 cm in
width. Three top nodes at the intersection of two adjacent modules are marked as
Node 11, 20 and 32.

2.2 Adaptation by Dynamic Relaxation

Dynamic relaxation (DR)method has been applied successfully for the shape control
of tensegrity structures [25]. DRmethod is used as the tool for computational analysis
of the roof structure undergoing change of shape. The change of shape is studied
under 5 different cases and another special case by changing the actuating struts. A
detailed description of the struts actuated in each case is presented in Table 1.

Through various simulation trials, it was determined that actuation of struts was
the key to the aspired change of shape of the struts. Actuation of some cables forced
the tensegrity roof structure to lose its structural integrity, while some others proved
ineffective by moving the nodes in the opposite direction. Actuation of cables also
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Table 1 Description of the various cases studied

Case Actuating struts

A All struts connecting to Node 20

B All struts connecting to Node 11 and 32

C All struts connecting to Node 11, 32 and 20

D Only shorter struts connecting to Node 11, 32 and 20

E Only longer struts connecting to Node 11, 32 and 20

Special case Same as Case D but shorter nodes connected to Node 20 are actuated at a higher
rate

Fig. 3 Adapted shapes of the roof structure after undergoing complete actuation studied under
different cases

proved to be ineffective when actuated along with struts. Hence, actuation of struts
was found out to be the best way to attain the pre-cambering of the roof structure.

Combination of actuating struts are chosen such that the adapted form of the
structure helps in counteracting gravitational loads. Each of the actuating struts in
each case is made to undergo a total length increment of 20 cm. The final shapes of
the roof structure obtained in each case is depicted in Fig. 3. Gravitational loads will
be better counteracted if an upward curved shape is formed by the roof structure,
similar to pre-stressing in concrete. One of the ways to achieve that is to vertically
rise the position of the Nodes 11, 20 and 32 along z-axis.

Raising the positions on Nodes 11, 20 and 32 are crucial in achieving the aspired
adapted shape of the structure. This process of pre-cambering will not only help the
structure to counter gravitational loads but also help in drainage system of rainwater
by forming a slope in a particular direction. Hence, the primary objective of the
adaptation of this tensegrity-based roof structure lies in the change of position of the
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Nodes 11, 20 and 32 in z-axis. The different cases studied, as described in Table 1,
will be investigated to choose the best set of actuated struts that makes the most
efficient use of energy to achieve the required goal. Two methods, effective position
change and effective length change method are proposed next in order to make an
assessment and compare the most effective choice of actuating struts.

Effective Position Change
The change in position with respect to z-axis for the Nodes 11, 20 and 32 are defined
as (�z)N11, (�z)N20 and (�z)N32 respectively. The total length actuated can be
defined as the sum of the change of length of the actuating struts in each case. For
example, in case A, 4 struts are actuated by a length of 20 cm each, hence the total
length actuated is �La = 4 × 20 cm = 80 cm. The effective position change is
defined as:

(�z)e f f = sum of change of posi tion in z axis f or Nodes 11, 20 and 32

total length actuated

→ (�z)e f f = (�z)N11 + (�z)N20 + (�z)N32

�La

Hence, for case A, Nodes 11, 20 and 32 moves along z-axis by a distance of
0.42 cm. 25.92 cm and 0.42 cm respectively. So, the effective position change can
be computed as follows:

(�z)e f f = (�z)N11 + (�z)N20 + (�z)N32

�La
= 0.46 cm + 24.79 cm + 0.46 cm

80.00 cm
= 0.32

A summary of observed change of position along the z-axis for the Nodes 11,
20 and 32, and the effective change of position for each case studied is shown in
Table 2.

The effective position change ((�z)e f f ) is a measure of the obtained change of
position along z-axis of the concerned nodes that helps in adapting the shape of the
structure per unit length actuated. Hence, the more change in position attained per
unit length of actuation, the more effective is the use of energy towards the aimed

Table 2 Observations of change of position along z-axis and effective position change for each
case

Case A B C D E

No. of struts actuated 4 8 12 6 6

�La (cm) 80.00 160.00 240.00 120.00 120.00

(�z)N11 (cm) 0.46 27.74 27.84 16.06 2.79

(�z)N20 (cm) 24.79 4.48 28.62 13.40 6.06

(�z)N32 (cm) 0.46 27.74 27.84 16.06 2.79

(�z)e f f 0.32 0.38 0.35 0.38 0.10
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adapted structure. Thus, a higher value of (�z)e f f should be preferredwhile choosing
the combination of actuating struts.

From Table 2, it is observed that in case A, Node 20 gets vertically displaced by a
much larger distance compared to its adjacent nodes Node 11 and 32. Case B presents
a shape where the opposite happens. Node 11 and 32 gets vertically displaced by
a much larger distance compared to the middle Node 20. This adapts to a shape of
bi-modal roof where the set of two modules on either side creates a curved form.
However, the trough in the middle is not helpful to counteract gravity loads nor the
drainage of water. Case C is a combination of the previous two cases A and B where
it is observed that all the three nodes get almost equally vertically displaced. In all
the above three cases, the (�z)e f f values are very similar to each other. Two different
variations of case C are shown through cases D and E. Only the two shorter of the
four struts joining at Nodes 11, 20 and 32 are actuated in case D, while only the
longer struts are actuated in case E. The adapted shape in case D is similar to that of
case C, however the change of position of each of the three nodes is about 10 cm less
than that of case C. The better part here is that the (�z)e f f value is 8% greater than
case C and the (�L)e f f value is even lower than case A. Case E, contrary to case
D shows the worst adaptive behaviour of all cases studied. This happens because
two of the actuated nodes are connected to pinned nodes at the which prevents the
movement of the elements after a certain stage, saturating the change of position.
This behaviour is reflected through the (�z)e f f value of 0.10 (about 1/4th to that of
case D). Although Case C achieves the highest amount of vertically displacement,
Case D shows a more efficient use of energy obtaining the shape. A little lack in the
amount vertically displacement is compensated by the energy efficiency, and hence
should be considered as the best choice of all the five cases.

Effective Length Change
The second method that can be used to measure the efficiency of the adaptation
process is the effective length change method. While the struts are theoretically
actuated to undergo an increase of 20 cm in length, the actual increment in length is
not exactly 20 cm due to restraints caused by boundary conditions. For example, in
case A, 4 struts are actuated by 20 cm each, however the actual length of actuation
are 19.30 cm, 19.97 cm, 19.30 cm and 19.97 cm. So, the term effective length change
is defined as:

(�L)e f f = total length actuated − sum of actual length actuated

total length actuated
× 100%

→ (�L)e f f = �La − �Lact

�La
× 100%

Hence, for case A,

(�L)e f f = �La − �Lact
�La

× 100% = (4 × 20 cm) − (19.54 cm + 19.90 cm + 19.54 cm + 19.90 cm)

4 × 20 cm
× 100%
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Table 3 Summary of (�La), sum of actual length actuated (�Lact ) and effective length change
((�L)e f f ) for each case studied

Case A B C D E

No. of struts actuated 4 8 12 6 6

�La (cm) 80.00 160.00 240.00 120.00 120.00

�Lact (cm) 78.89 156.74 235.38 118.6 110.50

(�L)e f f (%) 1.39 2.04 1.93 1.17 7.92

→ (�L)e f f = (4 × 20 cm) − (19.54 cm + 19.90 cm + 19.54 cm + 19.90 cm)

4 × 20 cm
× 100%

→ (�L)e f f = 80 cm − 78.89 cm

80 cm
× 100% = 1.39%

Similar calculations are performed for the other four cases. A summary of total
length of actuation (�La), sum of actual length actuated (�Lact ) and effective length
change ((�L)e f f ) for each case studied is shown in Table 3.

The effective length change ((�L)e f f ) is a measure of the difference between
the actual change of length desired to the change of length achieved to the actuated
length. Hence, it is an estimate of the energy wasted in the process. Thus, a lower
value of ((�L)e f f ) should be preferred.

In terms of (�L)e f f values, from Table 3, case A shows a slightly lower value
than the Cases B and C. Out of cases A, B and C, case C serves the purpose the most
in terms of change of position. Case D exhibits the lowest value of (�L)e f f , while
Case E shows a (�L)e f f value of 7.92% (about 6 times to that of case D). Once
again, by this method, Case E shows a very poor performance compared to the best
adaptation behaviour exhibited by case D. This method draws the same conclusions
as before by the method of effective position change.

From the above discussion, it is quite evident that case D is the better choice of all
the cases. Although the change of position achieved is slightly lesser, it is the most
effective in terms of effective position change (�z)e f f as well as effective length
change (�L)e f f values, which implies better use of energy. However, the adapted
shape obtained is not exactly a curve. The middle two modules of the adapted roof
structure seem almost flat. The process of pre-cambering is not very effective by
this method of actuation. To mitigate this issue, a concept of differential actuation is
implemented.

2.3 Differential Actuation

In the previous section, it is concluded that case D is the most appropriate choice for
adaptation of this roof structure. However, the adapted shape is not exactly a curve
and the pre-cambering is not the most effective. Hence, a concept of differential
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Fig. 4 Adapted shape of the roof structure after undergoing differential actuation

Table 4 Summary of outputs for differential actuation

No. of struts actuated �La
(cm)

(�z)N11
(cm)

(�z)N20
(cm)

(�z)N32
(cm)

(�z)e f f �Lact
(cm)

(�L)e f f

6 140.00 17.33 21.88 17.33 0.39 1.16%

actuation is implemented here. The actuating struts are kept same as that of case D.
Only the actuated struts joined to Node 20 are actuated at a rate 50% higher than
that of the other four actuated Hence, the total intended change of length is 30 cm
for the actuated struts connected to Node 20, while it is 20 cm for the actuated struts
connected to Nodes 11 and 32. The adapted shape of the roof structure undergoing
differential actuation is shown in Fig. 4.

FromFig. 4, it is observed that the concept of differential rate of actuation produces
a much better adapted curved shape of the roof tensegrity structure. The change of
positions of theNodes 11, 20 and 32, the effective position change value, the effective
length change value and other associated details are summarized in Table 4. Since
two of the total six actuating struts are actuated at a rate of 50% higher, the total
actuated length is calculated as �La = 4 × 20 cm + 1.5 × 2 × 20 cm = 140 cm.

FromTable 4, it is observed that the values of the effective position change (�z)e f f
and effective length change (�L)e f f remain same as that of Case D. However, in
this special case, the visual appeal of the adapted shape of the structure and pre-
cambering is more effective geometrically. The process also ensures efficient use of
energy. Thus, it can be concluded that differential rate actuation of struts proves to
be successful in obtaining a more desired adapted shape of the roof structure.
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3 Discussion

Two parametric methods, the effective position change (�z)e f f and effective length
change (�L)e f f , are introduced as ameasure to choose the best set of actuating struts.
Both the methods calculate a value that represents the efficiency energy utilization in
actuation of struts. A high value of (�z)e f f is preferred and a low value of (�L)e f f
is preferred to ensure the most effective process of shape adaptation.

Based on the results of case E, it is advisable to actuate struts where both end
nodes are free to move and adapt. If the actuating members are unable to undergo a
complete change of length through actuation due to boundary conditions, it will lead
to the formation of unwanted stresses in the elements and inefficient use of energy.
This will make the member prone to buckling and hence the stability of the structure.

Comparing the performances of Case C and Case D, often it is more effective
to achieve less absolute change of position of nodes and compensate it with the
effective change of position in order to attain an overall improved adapted shape of
the structure.

4 Conclusion

Dynamic relaxation (DR) method confirms as a successful and robust tool to compu-
tationally study the adaptive shape control of tensegrity roof structures. Actuating
struts instead of cables enables the proposed tensegrity roof structure to obtain the
maximum change of position of the desired nodes. However, a concept of differen-
tial rate of actuation of different struts is introduced which enables the structure to
adapt its shape into a proper curve ensuring better pre-cambering, which will help
in counteracting gravitational loads and drainage systems.

The study presents a computational analysis of an adaptive tensegrity roof struc-
ture through the actuation of struts. This opens an opportunity to study on the topic
on actuation of compression members practically, which is relatively tougher than
actuating tension members.
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Applications of Artificial Intelligence
Techniques for Optimization
of Structural Steel Connections

E. Duong, A. Darras, R. G. Driver, M. Essa, and A. Imanpour

1 Introduction

Applications of artificial intelligence (AI) techniques within the steel construction
industry offer the potential for optimization of connections in ways not possible
without utilizing advanced computational resources. In Canada, steel connections
in building projects are typically designed with the aid of connection design soft-
ware, spreadsheets, and design tables, while complex connections may involve
numerical behavioural simulations using commercial finite element analysis soft-
ware. Designing what may be thousands of connections in a typical project can
be an extremely time-consuming process, especially when aspects of the design
change throughout the lifecycle of the project. Unfortunately, changes are common
and unavoidable in the construction industry and have left connection designers
redoing or recalculating a large number of their designs, leading to a loss of effi-
ciency and productivity [9]. Development of design tools that utilize AI-driven
techniques can provide instant feedback to designers on how certain changes affect
cost, constructability, and sustainability, while allowing for the efficient design of
connections and better integration of the workflow across different disciplines [7].

This study investigates the practicality of an optimization tool that utilizes evolu-
tionary algorithms (EA) to optimize shear connections such as shear tabs, welded–
bolted double- and single-angle connections, and all-bolted double- and single-angle
connections, shown in Fig. 1. To illustrate the main principles, a shear end-plate
connection is explored using the demand-to-capacity ratio as the optimization crite-
rion. The various aspects that contribute to the development of the optimization
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Fig. 1 Simple shear connections: a Shear tab,bShear end plate, cWelded–bolted angle connection,
d Bolted angle connection

design tool, as well as the limitations of this tool, are explored in the following
sections.

2 Methodology

2.1 Virtual Connection Test Matrix

The shear connections evaluated in this studywere chosenbasedonan industry survey
conducted by the Steel Centre at the University of Alberta [12]. The survey was sent
to local steel fabricators in Edmonton, Canada, where connection designers ranked
common steel shear connections on a scale of one to five, with one corresponding
to “rarely used” and five corresponding to “heavily used”. The results of the survey
were averaged, and the top six connections were incorporated into the optimization
design tool. In addition to six different connection types, the design tool consists of
a beam-to-girder connection, beam-to-column-flange connection, as well as a beam-
to-column-web connection, all shown in Fig. 2.Within the tool, the user can opt to use
codified limit states design provisions or component-based finite element modelling
(CBFEM) to determine the capacity of the connection. The design of a shear end
plate in a beam-to-column-web connection through the proposed optimization tool

Fig. 2 Selected connection configurations: a Beam-to-column-flange connection, b Beam-to-
column-web connection, c Beam-to-girder connection
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Table 1 Modelling parameters for shear connections

Connection type Parameters

Shear end plate
Shear tab
Welded–bolted double angle
Welded–bolted single angle
Bolted double angle
Bolted single angle

Plate thickness, number of bolt rows, fillet weld size
Plate thickness, gauge distance, number of bolt rows, number of
bolt columns, fillet weld size
Angle designation, number of bolt rows, fillet weld diameter
Angle designation, number of bolt rows

is illustrated in this paper. The results are then compared to end plate connection
design example in the Handbook of Steel Construction [3].

2.2 Proposed Connection Optimization Tool

In order to perform generative design, a parametric model is developed through
Grasshopper, a visual scripting plugin for Rhino3D [13] used for parametric design,
where Rhino3D is a 3D computer graphics and computer-aided design application
software. Parametric modelling is the creation of a digital model based on a series
of pre-programmed rules. That is, instead of the model or elements being manually
manipulated, they are generated automatically by internal logic arguments. Typically,
parametric rules create relationships among different elements of the design. For
example, a rule might be created to ensure that the pitch between rows of bolts
remain a specified distance; if the number of bolt rows changes, the distance between
adjacent bolt rows remains the same.

The user interface of the proposed optimization tool allows the designer to choose
the connection type, beam and column size, steel grade, bolt diameter, number of
copes, and bolt pitch. For each connection type, the parametric attributes outlined in
Table 1 are thenused to control the design for the respective connection.Aspects of the
connections, such as edge distance, bolt spacing, bolt hole diameter, plate thickness,
weld size, etc., are constrained through limitations prescribed by the Canadian steel
design standard CSA S16 [4].

2.3 Evolutionary Algorithms (NSGA-II)

EA are optimization algorithms that search for optimal solutions by mimicking the
biological mechanisms of mutation, recombination, and natural selection [2]. In the
presence of multiple objectives in a problem, which is often the case in connection
design, a set of optimal solutions arises as opposed to one optimal solution. Because
of this, applications of EA in structural engineering are often referred to as generative
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design, which is the act of generating thousands of design iterations with the intent
of having an engineer choose one solution from a set of optimal solutions.

Over the last decade, numerous EA have been developed as technology rapidly
advances and the field of AI becomes more prominent. For this study, a sorting-based
multi-objective EA called nondominated sorting genetic algorithm II (NSGA-II) is
used [5].

NSGA-II solves multi-objective optimization problems (MOPs) through Pareto
dominance and a sorting procedure known as non-dominated sorting. A solution is
considered to dominate another solution if all its fitness values, determined from the
user-defined objective criteria, are lower than or equal to another solution’s fitness
values. For the proposedoptimization tool, thefitness values are basedon the demand-
to-capacity ratios determined through the two analysis methods. An example of non-
dominated sorting for a double objective problem is illustrated in Fig. 3. During non-
dominated sorting, solutions are compared against each other and are assigned ranks
based on dominance. Lower ranks refer to better fitness values and are associated
with solutions that have higher dominance. In MOPs, a solution is said to be a Pareto
optimal solution if it is not dominated by any other solution of the MOP. There exists
more than one Pareto optimal solution for an MOP due to the conflicting nature
of objectives. The projection of Pareto optimal solution set in objective space is
called the Pareto front. At each generation of NSGA-II, non-dominated sorting is
first employed to select solutions with lower ranks from the parent and offspring
population, and crowding distance is used as the secondary metric to distinguish
solutions in the same rank by favouring solutions with a large crowding distance
[16].

Within the optimization tool, NSGA-II is utilized throughWallacei [11], an evolu-
tionary engine that allows users to run evolutionary simulations in Grasshopper.
Wallacei employs a simple user interface, as shown in Fig. 4, to run the NSGA-II
based on user-defined objective criteria and parameters. The engine can then be used
to analyze the results and export phenotypes.

Fig. 3 Illustration of
non-dominated sorting with
the population divided into
three ranks [16]
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Fig. 4 Wallacei evolutionary engine user interface

To use the evolutionary solver, the user must define a set of genes (parameters)
and fitness objectives (optimization criteria). The fitness objectives are represented
by values that the user aims to minimize. If the user wishes to maximize a fitness
objective, the value must be inversed. For instance, if the user wishes to minimize the
fitness objective x, the value should be represented as x.However, if the userwishes to
maximize the fitness objective y, the value should be represented as 1/y. The accuracy
and duration of the optimization process is determined by the generation size and
count specified. Generation size refers to the number of offspring produced for every
generation, while generation count refers to the number of generations produced
overall. For example, if the user specifies a generation size of 20 and a generation
count of 30, the total population produced will be 600. For every generation, the
EA evaluates the populace against the defined fitness objectives. Offspring with
parameters that favour the defined fitness objectives are crossbred together, while
the others are discarded. This process is repeated for the specified generation count
with the intent of producing a set of optimal solutions from which the user chooses
the most appropriate solutions. Figure 5 showcases the individuals generated for a
single generation during the optimization process of a shear end plate connection.

2.4 Standards-Based Solution (Limit States Design)

The optimization tool is split into two design methodologies: a standards-based
solution using limit states design and a solution determined through CBFEM. The
standards-based solution is derived from the provisions of CSA S16-19. Limit states
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Fig. 5 Solutions generated using the optimization tool for a shear end plate connection through
Wallacei

that are not covered in CSA S16-19 are supplemented by equations defined in AISC
360-16 [1].

Due to the simplistic nature of common shear connections, limit states design
is relatively straight forward, requiring few computational resources for the evolu-
tionary solver to generate a solution. This drastically decreases the overall opti-
mization duration in comparison to the finite element (FE) based solution. However,
the standards-based solution is limited to simple steel connections, as standards
provisions may not be adequate for complex connections requiring design software.

The optimization criteria presented for the standards-based solution aims tomaxi-
mize the demand-to-capacity ratio, while maintaining a ratio equal to or less than
1.0 to satisfy strength requirements.

2.5 Finite Element-Based Solution

The FE-based solution of the optimization tool uses IDEA StatiCa [10], a connec-
tion design software that utilizes CBFEM. CBFEM is a combination of the compo-
nent method and the finite element method. The component method is a technique
whereby components are individually modelled as complex springs that reflect the
strength, stiffness, and deformation capacity of the component, and the behaviour of
a joint can then be determined by assembling the individual components with help of
mechanical models [15]. CBFEM removes the restrictions and most simplifications
used in the component method. In CBFEM, plates are modelled by shell elements,
while the components, e.g., bolts or welds, are modelled by nonlinear springs with
their properties based on design codes and research. CBFEM provides code checks
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of failure modes that may not be captured by finite element analysis alone, such as
weld fracture [14].

Although finite element analysis is a powerful analysis method for simple steel
shear connections, the time required for the evolutionary solver to generate a single
solution can become significantly greater in comparison to the standards-based solu-
tion. Similar to the standards-based solution, the optimization criteria presented for
the FE-based solution aims to maximize the utilization ratio of the bolts and welds,
and the plastic strain of the plate while remaining below a certain threshold to satisfy
strength requirements.

3 Shear End Plate Connection Case Study

The optimization tool is used to design a shear end plate connection. The results
are then be compared against the design from the Handbook of Steel Construction.
The end plate connection consists of a W410 × 60 beam framing into the web of
a W760 × 134 girder, both of ASTM A992 steel, with a factored reaction of 325
kN. The connection material consists of a G40.21 Grade 300 W steel plate, ¾ in.
(19.1 mm) diameter ASTM A325 bolts, and E49XX electrodes. Both the FE- and
standards-based solutions are evaluated.

The end plate is assumed to have sheared edges with an edge distance rounded
up to 35 mm. An 80 mm bolt pitch is used. Input parameters for the optimization
tool are shown in Fig. 6(a). The generation size and count are both set to 20. The
plate thickness parameter ranges from 6 to 10 mm, as suggested by the Handbook of
Steel Construction, to obtain adequate flexibility. Furthermore, the number of bolt
rows range from 2 to 4, which is compatible with the bolt pitch and depth of the

Fig. 6 a Parameters inputted in the user interface for the optimization process bWallacei interface
using the standards-based solution, c Wallacei interface using the FE-based solution
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beam. Finally, the fillet weld size ranges from 3 to 10 mm. Although the minimum
and maximum fillet weld sizes are constrained by parameters such as the end plate
thickness and girder-web thickness, these constraints were ignored for this study to
expand the search space of the EA.

3.1 Standards-Based Solution Results

In the standards-based solution, the factored reaction is divided by each limit state
capacity to obtain the demand-to-capacity ratio. The results are then inversed and
any values below 1.0 are filtered out as null solutions, which are ignored by the EA.
Thus, any connection design that the user exports from the optimization results will
be one that satisfies strength requirements. It should be noted that implementing
null solutions into the design problem should be avoided unless the user understands
its origins. Optimization parameters used in the evolutionary solver are shown in
Fig. 6(b).

After the optimization is complete, the user can export any solution to display the
resulting fitness values and parameters, as shown in Fig. 7, wherein the three data
inputs refer to the plate thickness (mm), number of bolt rows, and fillet weld size
(mm), respectively. Every solution can be plotted onto a parallel coordinate plot,
as shown in Fig. 8. The solution highlighted in black in the figure represents the
solution with the lowest average inversed demand-to-capacity ratio of all the limit

Fig. 7 Fitness values and parameters of individuals generated through the standards-based solution
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Fig. 8 Parallel coordinate plot of the solutions generated through the standards-based solution

states considered. This represents the solution with the highest demand-to-capacity
ratio not exceeding 1.0. For this study, this solution is considered to be the optimal
solution. The optimal design determined from the standards-based solution is an end
plate connection with plate size PL170× 6× 230 mm, 3 rows of bolts with a gauge
distance of 100 mm.

3.2 Finite Element-Based Solution Results

The FE-based solution uses results from the connection design software to deter-
mine the fitness values. Three fitness objectives are defined for the FE-based solution
includingmaximizing the plastic strain of the plate while remaining below 5%,maxi-
mizing the utilization of the bolts while remaining below 100%, and maximizing the
utilization of the weld while remaining below 100%. The limiting value of 5% for the
plastic strain is suggested in the Eurocode [8]. To quantify the fitness objective for the
plate strain, the results are divided into 5, while any results below 1.0 are discarded.
Similarly, to quantify the fitness objective for the bolt and weld utilization, the results
are divided into 100, while any results below 1.0 are discarded. Optimization param-
eters for the FE-based solution are identical to those for the standards-based ones
shown in Fig. 6(c).

The parallel coordinate plot of the optimization process is shown in Fig. 9. Similar
to the standards-based solution, the optimal solution using the FE-based method is
an end plate connection with plate size PL170 × 6 × 230 mm, 3 rows of bolts with
a gauge distance of 100 mm, as shown in Fig. 10.
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Fig. 9 Parallel coordinate plot of every solution generated through the FE-based solution

Fig. 10 Verification of the
optimal design of an end
plate connection using IDEA
StatiCa

3.3 Evaluation of Two Solution Approaches

It can be shown that even through a parametric study, the FE- and standards-based
solution both result in the same answer given the same parameters and objective
criteria. The solution in the example given in the Handbook of Steel Construction
specifies a PL160 × 6 × 230 mm end plate connection. The difference between
the solution obtained through the optimization tool and what is specified in the
Handbook is the plate size. In the optimization tool, the plate is assumed to have
sheared edgeswhich requires a slightly larger edge distance, resulting in a larger plate
width. Although the design given in the Handbook is not necessarily an optimized
solution, it is encouraging that the results for both solutions match.
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Even though the FE- and standards-based solutions gave an identical connection
design, the optimization runtime for the standards-based solution was 22 s, while the
runtime for the FE-based solution was more than 85 min, as shown in Figs. 6(b) and
(c). This indicates that the standards-based solution may be more favorable for such
simple shear connections.

Ideally,MOPs should have thousands of generations andgeneration sizes to ensure
that the optimization process converges to an optimal set of solutions. However, due
to simplistic nature of the problem in this study, only a small number of individuals
were generated: 400. It should be noted that the search space for this study includes
only 120 possible solutions. This means that there are individuals produced with
identical genes. However, this does not indicate that every possible solution was
searched during the optimization process. As the EA searches for an optimal set of
solution, Pareto optimal solutions can be the same if the gene pool is relatively small.

4 Potential and Drawbacks

Although the shear endplate connection explored in this paper utilizes fewparameters
and a simple objective criterion, the proposed tool has the capability to parametrize
additional connection details such as bolt pitch, edge distance, and add additional bolt
columns. The objective criteria can also be expanded to reduce net fabrication and
erection costs by considering material, labour, fabrication and erection constraints,
machinery availability, and available inventory based on the steel fabricator’s prefer-
ences. All these additions can provide instant feedback to designers on how certain
changes affect cost and constructability, while allowing for the automated design of
connections.

By combining the optimization capabilities of EA with CBFEM, this tool can be
extended to encompass more complex connections. Leveraging connection design
software through this tool streamlines the design process as users only need to check
the output of the connection design software. One drawback to using CBFEM for
analysis is the long optimization timewhich would be increased for complex connec-
tions. This process, however, can be exported to external servers to be run on cloud
computers, greatly reducing the optimization runtime, or the number of objective
functions can be refined to achieve amore efficient design process. Increasing the effi-
ciency of the software itself can also reduce the optimization runtime. For example,
the software could be programmed to not fully analyze a solution if the early analysis
results are not within a certain threshold.

SolvingMOPs are not limited to NSGA-II; there are countless multi-objective EA
and other algorithms that can be used to optimize structural steel connections. For
example, the particle swarmoptimization, an algorithm thatmimics the unpredictable
nature of a bird flock to determine an optimal solution [6], can also be used.

Additional add-ons such as integrationof structuralmodels to allowusers to import
member sizes and pass-through forces directly into the optimization tool can provide
another level of automation to a typical connection design workflow. Connection
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designers could import, design, optimize, and export multiple optimal solutions that
suit their preferences in a matter of minutes through an entirely automated process.
This would aid in addressing the issue of constantly adjusting designs due to changes
that arise throughout the life cycle of a project.

5 Conclusions and Future Work

Automated optimization of structural steel connections can be achieved through
evolutionary algorithms and parametric modelling. This paper focuses on the opti-
mizationof a shear endplate connectiondesign throughanoptimization tool proposed
here, which takes advantage of both limit states design and finite element modelling
approaches. The results of the optimization of the shear end plate connection are
nearly identical with the example end plate connection given in the Handbook of
Steel Construction. Although only the demand-to-capacity ratio of the connection
was optimized in this study, it showcases the application of generative design and EA
within the steel construction industry. The advantages of using these optimization
processes include reducing the number of re-designs during the lifecycle of a project,
minimizing connection costs, reducing repetitive tasks in connection design, and
providing designers with feedback on how certain changes affect other parameters
within a steel connection.

Additional parameters should be added in future to better represent the realistic
design process of a connection designer. With the help of Canadian steel fabricators
and connection designers, additional objective criteria such as reducing material,
crane operation, welding, labor, and energy costs can all be implemented into the
tool. A case study can be performed in partnership with Canadian steel fabricators
to verify optimization results and determine the applications of this optimization
tool in industry practice. Implementation of the ability to export joints from struc-
tural models can also further automate connection design, drastically improving the
typical workflow. This tool can finally be extended to encompass utilizing other AI
techniques and compare the optimization speed between different algorithms.
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Considering Non-stationary Loading Due
to Climate Change in the Reliability
Analysis of Structures

Mohammad Barkhori and Scott Walbridge

1 Introduction

Different climate systems regulate the natural environment of our planet. Any distur-
bance to the harmony of these systems, natural or man-made, is a threat not only to
natural ecosystems but also socio-economic ecosystems through complex cascading
effects. In recent years, changes in the average temperature compared to historical
data have provided pronounced evidence of climate change, which is attributed to the
increase of GHG emissions. According to the Intergovernmental Panel on Climate
Change (IPCC), by the end of the twenty-first century, the mean global temperature
might rise from 1.5 to 4 °C above the 1850–1900 average depending on different
considered emission scenarios [8]. Such a changemay impact precipitation and snow-
fall patterns, and the occurrence of high winds and other extreme weather loading
events. These changes can affect the performance of infrastructure in different ways:
(1) higher intensity and frequencies of extreme events such as flooding and wind
can reduce the reliability of infrastructure systems; (2) it can result in faster deteri-
oration rates and, as a result, reductions in the service life of infrastructure; and (3)
it can necessitate changes in the allowable capacities of infrastructure systems (e.g.
bridge scour can cause a reduction of the capacity of foundations piles, which might
require closure to traffic). As a result, the effect of climate change on different infras-
tructure systems has attracted the attention of many researchers in recent years in a
variety of disciplines. In this regard, several research studies indicate that even small
changes in the global climate might have great impacts on long-term structural reli-
ability. Despite this growing body of knowledge, studies on prioritizing adaptation
measures are lacking. It is noteworthy that there is always a limit to the expendable
resources for adaptation. Therefore, identifying infrastructure systems with higher
failure consequences and sensitivity to climate change can help authorities with deci-
sion making and planning. In an effort to contribute to broader initiatives aimed at
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achieving this goal, the current paper describes and demonstrates several possible
approaches for considering non-stationary load effects in the reliability analysis of
structures.

2 Reliability Analysis

2.1 Failure Probability and Design Load Factors

In order to design engineered components and systems (including structures) prop-
erly, it is essential to consider the uncertainties involved in the demands on these
components or systems and their capability in responding to these demands. Reli-
ability methods can be employed to address this need. In this context, defining the
limit state function as the demand, S, minus the capacity, R, (i.e., G = R – S), failure
occurs whenG ≤ 0 [7]. Several reliability methods, including: Monte Carlo Simula-
tion (MCS) and first and second-order reliability methods are available for analyzing
probability of failure. However, due to the complexity of applying such methods in
general engineering practice, other methods such as Limit States Design (LSD) are
implemented in design codes to ensure safety.

2.2 Load Factors and Reliability Index

This section demonstrates the mathematical relation of load factor and reliability
index (β),which is related to the probability of failure through the following equation:

p f = �(−β) (1)

In general design problems, the demand on the engineered component or system
usually involves a combination of different loads, each of which is given its load
factor in modern design codes. The simultaneous presence of dead and wind load
effects on a structure is a simple example of such a condition. In this regard, the limit
state function can be redefined as G = R – (D + W ) where D and W are random
variables representing dead and wind load effects. Accordingly, given the nominal
design values, the reliability index can be mathematically computed through the
following equation:

β = LN

(
Ω

√
1 + ς2

zW

1 + ς2
zU

)
/

√
LN

[(
1 + ς2

zW

)(
1 + ς2

zU

)]
(2)
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Here, U = R – D, and Ω is given in Eq. (3), in which αw, αD, and φR denote wind
load factor, dead load factor and resistance factor, respectively:

Ω = zR
zWφR

[
αW − Dn

wn

(
φRzD
zR

− αD

)]
(3)

where the mean value of each variable is denoted by a bar (e.g. zD) while their COV
is denoted with a ς, and their standard deviation is shown by σ . In this paper, the
lognormally distributed random variables for load and resistance are replaced by
normalized variables for simplification purposes:

zR = R

Rn
, zW = W

Wn
, zD = D

Dn
, zU = U

Un
(4)

where the ‘n’ subscript denotes “nominal value”.

2.3 Time-Dependent Reliability Analysis Considering
Climate Change Effects

The current design of engineered components and systems is generally based on
an assumption of stationarity of loads and resistance over their lifetime. However,
the projected changing weather stressors over the lifespan of infrastructure systems
demands amethod capable of capturing the relevant non-stationary essence of loading
in calculating future reliability and service life. In this regard, Eq. (5) provides the
time-dependent reliability (i.e. the probability of survival) of ageing structures in the
presence of non-stationary loads and degradation during a time interval of (0, t) [5]:

L(t) = EXP

{
−

∫ t

0
λ(ζ )[1 − Fs(R(ζ ))]dζ

}
(5)

where FS() represents the cumulative distribution function (CDF) of demand. While
λ(ζ ) andR(ζ ) respectively denote the time-varying occurrence rate of the loading and
resistance functions. It is worthwhile to note that [1 – FS (R(ζ ))] is the instantaneous
failure probability at time ζ . Depending on the considered hazard type, parameters
of FS() can be redefined so the occurrence of loading forms a Homogenous Poisson
Process with the time-independent occurrence rate, λ. In such a case, by discretizing
time to years, Eq. (5) can be simplified as follows:

L(t) = EXP
(
−

∑N

i=1
λPi

)
(6)

In which Pi denotes probability failure during the ith year, and N is the number
of years in time interval (0, t).
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3 Illustrative Example

In this section, the effects of nonstationary wind loading, as one of the climatic
stressors on the performance of a structural element located in London, Ontario,
Canada is investigated. It is assumed that the element is a flexural member on a
bridge, and fails when the flexural moment in it surpasses its capacity. Nevertheless,
the employed method is general and applicable to other structural elements and load
types. In this example, wind pressure and dead load effects are the only stressors, and
strength deterioration is negligible during the service life. The element is designed
based on an LSD approach and fails when the stochastic values of wind and dead
load surpass the randomly distributed resistance.

3.1 Limit State Function and Design Load Combination

According to the Canadian Highway Bridge Design Code [3] a bridge component
with nominal flexural resistance Rn can be designed according to the following
condition:

φRn > αWWn + αDDn (7)

where, Wn and Dn are nominal values for the wind and dead load flexural effects
on the component, and αW , αD, and φ represent the wind load, dead load, and
resistance factor, respectively.Considering the load effect and factor values inTable 1,
a component with the nominal resistance of Rn = 505 kN·m is satisfactory according
to Eq. (7).

The component fails when the stochastic values of wind and dead load surpass the
randomly distributed component resistance. The limit state function can be defined
as:

G = zR Rn − (zwWn + zDDn) (8)

In the next section, the procedure for calculating the mean and standard deviation
of these parameters is presented.

Table 1 Loads and load factors

αW αD φ Wn Dn

1.4 1.1 0.95 200 kN·m 200 kN·m
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3.2 Load and Resistance Models

3.2.1 Resistance Model
The flexural resistance of the component is assumed to be a linear function of
Fy·S, where Fy and S are the yielding strength of the material and section modulus
with related bias coefficients of zFy and zS, respectively. The component resistance
model exhibits error in the prediction of the exact value of resistance, which can be
represented with random variable zMod . Therefore, the combined bias coefficient for
resistance can be calculated as follows:

zR = zMod zFyzS (9)

Assuming independence of the variables in Eq. (9), the mean and variance of zR
can be computed, according to the following equations:

zR = zMod zFyzS, varR =
∏3

i=1
(varzi + z2l )−

∏3

i=1
z2l (10)

Table 2 presents the values of mean and COV of the variables used to define the
resistance model [2].

3.2.2 Dead Load Model
The bias factor of the dead load is assumed to have a mean of 1.03 and COV of 0.08,
based on [2, 6].

3.2.3 Wind Load Model
According to [2], the design horizontal wind load pressure can be calculated as:

p = CeCgChq (11)

where Ce, Cg, and Ch are exposure, gust effect, and horizontal effect coefficients
and q is the air pressure, which is related to the wind velocity (V ) through the
following equation:

q = 1

2
ρV 2 = CV 2 (12)

where ρ is the density of air. If V is in km/h, the constant C = 0.05 can be used
to compute q in Pa. Defining aC as the analysis coefficient for the conversion of the

Table 2 Resistance model
parameters

Variable Mean COV

zFy
zS
zMod

1.06
0.99
1.09

0.051
0.021
0.045

zR 1.14 0.071
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wind load into a load effect and A as the exposure area, the general equation for the
wind load effect is:

W = aCCeCgChCV 2A (13)

According to [2], the mean and COV of the wind bias coefficient can be computed
using the following equations:

zW = zaC zCe zCg zCh zC zV 2 zA (14)

ςzW =
√

ς2
zaC

+ ς2
zCe

+ ς2
zCg

+ ς2
zCh

+ ς2
zC + ς2

zV 2
+ ς2

zA (15)

The statistical values of the parameters used in this study to define wind loading
are adopted from [2] and presented in Table 3. It is noteworthy that the values for
zV 2 in this table represent climate conditions in the Year 2000.

The values defining the distribution ofwind velocity during extreme eventsmostly
rely on statistical analyses of historical weather data. However, new studies predict
the deviation of these values from historical data in future decades. The following
section discusses the procedure used for the computation of the parameters of the
wind velocity distribution.

3.2.3.1 Wind Velocity
According to [4] the probability distribution of maximum hourly wind speeds can
be modelled with an Extreme Value Type I (or Gumbel) distribution, as follows:

FV (v) = P(V ≤ v) = EXP{−EXP[−a(v − μ)]} (16)

where a and μ are the scatter and central tendency of the distribution. The mean V
and standard deviation σ V of the distribution can be computed using Eqs. (17) and
(18).

σV = 1.282/a (17)

Table 3 Statistical
parameters used in defining
wind load

Variable Mean COV

zC 1.00 0.025

zCe 1.00 0.080

zaC 1.00 0.050

zA 1.00 0.000

zV 2 0.332 0.587

zCh 0.71 0.140

zCg 1.02 0.075

zW 0.24 0.616
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V = μ + 0.577/a (18)

Indicating the return period of the extreme wind event in the subscript (e.g., a1,
μ100), the statistical parameters of the annual maximum hourly wind speed (i.e., a1,
μ1) can be calculated through [2]:

a1 = [LN
(
100

10

)
]/[V 100 − V 10], μ1 = V 10 − [LN(10) + 0.577]/a1 (19)

where the values of V10 and V100 are available in [3].

3.2.3.2 Square of Wind Velocity
The distribution for the 75-year wind velocity is derived in the previous section.
However, according to Eq. (12), the reference wind pressure depends on the square
of the wind velocity, which requires the transformation of the distribution of wind
velocity to the distribution of the square of wind velocity. As load and resistance
usually follow lognormal distributions, fitting a lognormal distribution to the square
of the velocity is reasonable. This process begins with finding the parameters of
maximum hourly wind speed, a and μ, and generating data for the wind speed and
then its square based on the CDF of maximum hourly wind speed given in Eq. (16).
Then, a lognormal distribution can be fitted to the upper tail (right-hand side) of the
generated data through the probability paper plotting method.

3.3 Climate Change Projections

This section discusses future weather projections considered in this study. Several
global climate models (GCMs) and regional climate models (RCMs) are available
to make projections of future climate. The uncertainties involved in these projec-
tions arise from different factors. To capture the uncertainty of future climate change
trends due to humanbehaviour, [9] suggests considering four differentRepresentative
Concentration Pathways (RCPs) covering a range of low (RCP 2.6) to high (RCP 8.5)
for future emissions. A separate study by Environment and Climate Change Canada
(ECCC) provides the predicted changes in climatic variables for different locations
and RCP scenarios to facilitate the development of climate-resilient codes and stan-
dards for Canada’s Buildings and Core Public Infrastructure (B&CPI) [1]. Using the
projections of ECCC, the changes in the 10-year and 100-year wind pressures for
London, Ontario are evaluated for various RCP levels during the twenty-first century
and presented Fig. 1. Additionally, using this figure and Eqs. (14) and (15), the mean
and COV of the annual wind load bias on the considered member are determined
and depicted in Fig. 2.



294 M. Barkhori and S. Walbridge

Fig. 1 Changes inwindpressures forLondon,Ontario in the 21st century.a, 10-yearwind pressures,
and b, 100-year wind pressures

Fig. 2 Changing properties of wind load on the bridge member. a, mean of annual wind load bias,
ZW , and b, COV of the annual wind load bias, ς zW

3.4 Probability of Failure

In this section, probabilities of failure of the case study structure are calculated with
various climate change scenarios considered. Given the changes in wind pressures,
the inverse of Eq. (12) is used to translate 10-year and 100-year level wind pressures
to wind velocities (i.e. V10 and V100). These values are then substituted in Eq. (2)
to determine distributions of the annual maximum wind speeds. To compute wind
load effect distribution parameters, the procedure explained in Sect. 3.2.3 is applied.
Equations (2) and (1) are then used to calculate time-varying annual reliability indices
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andprobabilities of failure, according to the changes in the annualwind load statistical
parameters for each scenario.

3.4.1 Annual Probability of Failure
Figure 3 presents the annual probability of failure of the structure under the nonsta-
tionary increasing wind loads associated with different RCP scenarios for the service
life of a structure constructed in the Year 2000. It is worth noting that the curve for
RCP4.5 is neglected as it is so close to the RCP6.0 curve. As expected, RCP2.6 and
RCP8.5 respectively result in the lowest and highest changes in the reliability. Under
all scenarios, the probability of failure begins with 4.6·10–5 in the first year of service
in the Year 2000, and constantly increases through 2023 to 5.6·10–5. Then while the
RCP2.6 curve remains constant until the end of this century, the RCP6.0 and RCP8.5
curves continue growing to 1.6·10–4 and 4.7·10–4, which is equivalent to 248 and
921% growth compared to the beginning year of service.

3.4.2 Cumulative Probability of Failure
The lifetime reliability of the structure, L(T ), is calculated using Eq. (6) in which
Pi is the annual probability of failure of the ith year under maximum annual wind
loading (λ = 1). As reliability can be thought of as a measure of the probability of
survival, the cumulative probability of failure through the jth year of service (PTj )
can be easily computed using the following equation:

PTj = 1 − L(T ) = 1 − EXP
(
−

∑ j

i=1
λPi

)
(20)

Figure 4 shows the cumulative probability of failure versus time. In these figures,
the solid green line is drawn as a reference and is related to a scenario in which
the wind loading is stationary and without change for 100 years. The other lines are
related to different RCP scenarios. As shown, the cumulative probability of failure of
the structure under all the global warming scenarios is larger than the one assuming
stationarity of the wind loading over the analysis period. For instance, for a structure
established in theYear 2000,with a design service life of 75years, the total probability
of failure over the duration of the servce life for RCP8.5 is 6.48·10–3, which is 1.89
times that of the stationary scenario (3.43·10–3).

Fig. 3 Annual probability of failure for the case study flexural member in London, Ontario
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Fig. 4 Cumulative probability of failure for different RCPs

Fig. 5 Comparison of cumulative probability of failure of various structures with different
wind/dead load ratio under stationary load condition and RCP8.5 scenario

To evaluate the effects of the ratio of the nonstationary (wind) to stationary (dead)
load ratio on the probability of failure, a sensitivity study was performed, the result
of which is depicted in Fig. 5. In this figure, two groups of green and black curves
respectively represent the cumulative probability of failure of the structure under the
stationary and RCP8.5 scenarios. In each group, there are four curves for different
values of wind-to-dead load ratios (WDR), covering a range of 0.5–5 where the
upper limit is realistic for aluminum structures designed with light weight in mind.
As shown, the curves for structures with larger WDRs (the thicker curves) are higher
for both groups, meaning that these structures are relatively more prone to failure
even though the design basis is the same under all WDRs. However, the probability
of failure of the structures with lower WDRs is slightly more sensitive to future
climate changes. For instance, at the 75th year of service, the probability of failure of
a structure with WDR = 5 grows by 80% (6.93·10–3 to 1.25·10–2) under the RCP8.5
compares to the stationary condition, while for a structure with WDR = 0.5 under
the same conditions otherwise, the change is 98% (1.67·10–3 to 3.30·10–3).
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Figure 6 shows the probability of failure sensitivity to changes in the mean and
standard deviation of the annual maximum wind speed. In this analysis, a 1:1 wind-
to-dead load ratio is assumed. The solid green line represents the probability of
failure under stationary conditions. The other lines consider a linear annual increase
to reach a change in the parameter of interest in Year 100 (i.e., a 10 or 20% increase).
As can be seen in this figure, the curve for a 10% increase in the standard deviation is
above the curve for a 10% change increase in the mean. The same is true for the 20%
increase curves. This suggests probability of failure is more sensitive to changes in
the standard deviation in the wind speed than its mean.

All the previous analyses were performed using the mathematical approach (i.e.,
closed form expressions) described in this paper. This approach ignores the corre-
lation of load and resistance from one year to the next. To evaluate the effect of
correlation of the load and resistance parameters in successive years of service, a
Monte Carlo simulation (MCS)-based approach was employed, the result of which
is depicted in Fig. 7 for the RCP8.5 climate change scenario. The applied MCS
involves many trials, each of which assesses the limit state function, for every single

Fig. 6 Sensitivity to the increase in annual maximum wind speed parameters

Fig. 7 Effect of correlation of random variables between adjacent years (RCP8.5)
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year of service. The correlation of variables in different years is modelled by a corre-
lation matrix, R(X), in which X= [x1, x2, …, xn] is the vector of random variables in
different years (e.g., wind load effect in successive years of service) and the element
rxixj defines the correlation between variables in ith and jth year. Considering the
structure as a non-repairable system, the first service year where the loads exceed the
resistance is recorded as the failure year in that trial. Then the generated data for the
failure year is used to capture the cumulative distribution function of failure time.
The black dot and black dash lines in Fig. 7 respectively show the cumulative and
annual probabilities of failure predicted by the so-called “mathematical approach”.
The other four curves depict the cumulative probabilities of failure generated byMSC
with various assumptions about the correlation of random variables (i.e., resistance,
wind load effect, and dead load effect) in successive years of service.

Generated under the assumption the loads and resistance in different years are
completely independent, the “Fully Uncorrelated” curve perfectly matches the result
of the “mathematical approach”. The “OnlyWind Uncorrelated” curve is close to the
mathematically generated curve assuming no correlation as well. This curve assumes
the dead load and resistances of different years of service are fully correlated, while
the maximum annual wind loads are independent. This is a logical assumption in
many caseswhere the values for resistance anddead loads remain constant throughout
the service life of the structure. The “Fully Correlated” and “50% Correlated for all
of the Variables” curves respectively assume a correlation of 100 and 50% between
random variables in successive years of service (i.e., the non-diagonal elements of
correlationmatrix respectively are 1 and 0.5 for 100 and 50% correlation). As shown,
with the increase in correlation, the cumulative probability of failure decreases and
eventually converges on the annual probability of failure curve obtained using the
mathematical approach.

4 Conclusions

This paper demonstrates several methods for assessing the impact of climate change
on the reliability of civil engineering structures during their service life. Particularly,
in a case study, the nonstationary effects of wind load on the reliability of a simple
structural element located inLondon,Ontariowere evaluated. For a 100-year analysis
period, the results show that the lifetime probability of failure can be as much as 1.9
times greater than the baseline (stationary) analysis if climate change effects are
considered, while the annual probability of failure in the final year of service is
almost four times of what it would have been in the beginning year in 2000. The
effect of the nominal wind-to-dead load ratio was evaluated. For the considered
example, it was illustrated that with an increase of this ratio the structure becomes
more prone to failure even though the design basis remains unchanged. However,
the probability of failure of the structure with a lower wind-to-dead load ratio is
more sensitive to future climate changes. A sensitivity analysis indicated the total
probability of failure is more sensitive to the COV of annual maximum wind speed
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than its mean. This finding indicates the importance of inclusion of variability of
projected changes of climatic design values into future research. Lastly, the effects
of the correlation of random variables in different years of service were investigated
through Monte Carlo simulation. It is shown that with an increase in correlation, the
probability of failure curve shifts downwards (i.e., to a lower probability of failure
for a given year).
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Achieving an Optimized Solution
for Structural Design of Single-Storey
Steel Buildings Using Generative Design
Methodology

A. Torres, B. Mahmoudi, A. J. Darras, A. Imanpour, and R. G. Driver

1 Introduction

Single-storey buildings constructed using structural steel are commonly used in
Canada for shopping centres, recreation facilities, and industrial buildings. During
the design development phase of a project, engineers evaluatemultiple design param-
eters to achieve the owner’s objectiveswithin a limited time before the detailed design
begins. The current single-storey design workflow in design offices is mostly manual
and tedious.Moreover,miscommunication and human errormay occur during design
due to overlapping tasks. Regardless of these disadvantages, the design process has
the capability not only to become automated, but also to seek innovative new solutions
[1, 21]. GD is a specific application of artificial intelligence (AI) that can quickly
generate thousands of high-performing design scenarios [16]. It has been applied
to architectural designs in Canada [18], but has not yet been realized in structural
design. One important factor that structural engineers prioritize during the design
stage in order to achieve an optimum design is the total weight of the structure.
While optimizing the weight cannot be said to not produce the lowest cost or optimal
structure, it is used in this case study as a proxy for labour cost, material cost, and
environmental effects, etc., caused by the manufacturing and fabrication processes.

In this paper, an automation design tool is developed using Rhino3D [22], a
3D modeling software, and Grasshopper [23], an algorithmic modelling plugin for
Rhino3D. The design tool takes the user inputs and feeds it to a metaheuristic single-
objective optimization algorithm. The application and performance of various algo-
rithms used in Grasshopper are studied and considered for future implementation. In
this case study, the algorithm’s sole objective is to reduce the structures steel tonnage.
However, other essential objectives and constraints in the design of steel structures
are studied and considered. For the structural analysis portion of this design tool,
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a link between Grasshopper and S-Frame [5] is being developed to incorporate an
FEA solver into the tool. Enhancements to the geometry of the single-storey structure
generated in Rhino3D are proposed. After discussing the preliminary results of this
research, future steps to enhance the automation tool is outlined.

The main objective of this research is to gain a deep understanding of GD’s
possibilities towards structural optimization, which will lead to an automation tool
that can design safer and lighter single-storey structures in Canada. The method has
the potential to reduce material usage, minimize construction waste, and improve
productivity in the Canadian construction industry. Furthermore, this research has
strong potential to provide Canadian practitioners in the steel construction industry
with an automated process to design single-storey buildings.

2 Optimization in Structural Design

2.1 Optimization Algorithms

An evolutionary solver used in this project’s optimization tool is responsible for
finding the optimal solution for the design problem by implementing a metaheuristic
single-objective algorithm. Various evolutionary solvers are discussed in the litera-
ture. Most of these algorithms share the same concepts, as they are developed based
on the group behaviour of different creatures in nature and how they evolve. The
main advantage of these algorithms is that they are derivative-free. Whereas other
mathematical approaches require awell-defined and differentiable objective function
and attempt to find the optimal solution by computing the derivative of the objective
function, metaheuristic algorithms search the domain just by assessing the objec-
tive function’s value. Since optimization of engineering systems requires evaluating
sophisticated objective functions that are not usually differentiable, metaheuristic
algorithms have gained popularity among researchers. The key stages of the opti-
mization process are illustrated in Fig. 1 and summarized below. In this figure, N is
the number of solutions considered for the first generation, andm is the total number
of generations considered for limiting the loop of updating the generations. It is
worth noting that the design variable considered here is only the spacing between
the columns, and the objective function is the total weight of the structure. The
penalty function increases the total weight of structure when the results obtained
from structural analysis software do not pass the design codes’ requirements.

1) Stage 1: the algorithm creates a set of random solutions by varying design
variables associated with the problem. This set is also referred to as the first
generation. Each solution returns a specific value for the objective function
defined for the optimization problem and by inspecting these values, different
solutions can be ranked against each other.

2) Stage 2: in every optimization problem, solutions are subject to different
constraintswith a feasible space defined. The algorithmapplies these constraints
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Fig. 1 Optimization process stages

to the solutions by a penalty function. If a solution meets all constraints, the
value of its objective function remains the same. However, if the solution’s
design variables violate these constraints, it would get penalized by a multiplier
in its objective function so that it would not be able to compete with feasible
solutions of the generation when it comes to rank them based on their objective
function.

3) Stage 3: once the set is sorted based on the objective function of the solutions, the
algorithm applies certain mathematical functions to the generation and adjusts
their design variables, leading to a new set of solutions (i.e., the next generation).
The mathematical functions vary for different algorithms. For instance, particle
swarm optimization (PSO) algorithm updates the solutions with the velocity
function [14] and genetic algorithm generates new solutions with mutation and
crossover functions [11]. The algorithm’smain goal is tomodify the solutions by
generating and guiding the solutions toward the global optimum of the problem.
While these functions focus on obtaining the best solutions of each generation
and improving them in subsequent generations, randomness is also formulated
within them, which helps the algorithm search the entire feasible domain of the
problem and prevent getting trapped in zones where local optima are located.

4) Stage 4: it has been proven mathematically that the functions responsible for
generating new solutions help the optimization algorithm converge at the end
if it undergoes a sufficient number of iterations. There are two ways to specify
when an algorithm should terminate the loop of creating new generations and
bypass performing the second and third stages. The preferred approach is to
consider a total number of generations for the algorithm before it has stared
generating solutions. The second approach involves checking the convergence
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at each iteration by comparing the best solutions of the last two generations
with each other. If the difference between the value of the objective function
of these two solutions is less than the specified tolerance, it is assumed that the
algorithm is no longer capable of finding a better solution, so it is allowed to
stop generating new ones. The latter approach might not be appropriate because
sometimes the algorithm might get stuck around a local optimum. Terminating
the loop does not let the randomness considered in mathematical functions help
the algorithmdiscover new regions in the domain thatmay containmore optimal
solutions.

2.2 Grasshopper Algorithms

The efficiency of optimization algorithms strongly depends on the number of vari-
ables, constraints, and objective functions. Past studies showed that Optimus, a tool
based on the jEDE algorithm, outperforms several other single-objective optimiza-
tion tools of Grasshopper in the optimization of a frame structure [9]. The following
is a list of the tools that Optimus was compared against, and the algorithms that
they use: Galapagos [24], based on the genetic algorithm, SilverEye [6, 7], using the
PSO algorithm, and Opossum [26], using an RBFOpt algorithm [8]. In this study,
the performance of Wallacei [15], a tool based on the NSGA-II algorithm, which is
primarily developed for solvingmulti-objective optimization problems, with the four
Grasshopper optimization tools introduced above to determine which tool yields the
best result for optimizing single-storey buildings. By introducing the new nondom-
inated sorting concept, the nondominated sorting genetic algorithm II (NSGA-II)
allows us to solve optimization problems with more than one objective function with
the help of fundamental components of the genetic algorithm, which can only be
used for solving single-objective problems [10].

2.3 Wallacei

Wallacei is an evolutionary multi-objective optimization and analytic engine. This
evolutionary solver can consider several objective functions simultaneously to deter-
mine the optimum solution. In this case study, there is only one objective function,
reducing steel tonnage. However, the ability to run several objective functions is
a highly valuable property considering the automation tool requires more objec-
tives, as mentioned in Sect. 3.1. In addition, the solver allows the user to store and
save arbitrary data for each iteration of the design. Compared to other Grasshopper
components such asGalapagos,Wallacei has specific features that give the user better
control over the optimization, graphs, and plots to follow the optimization [12]. The
basic interface for the Wallacei component in Grasshopper is shown in Fig. 2.
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Fig. 2 Wallacei interface in Grasshopper

3 Proposed Automation Tool for Structural Design

3.1 Description of Automation Tool

GD methodology developed for the purpose of single-storey building design can
generate a large number of layout options according to the designer’s specific require-
ments. The project’s GD workflow has three main components: generate, evaluate,
and evolve (shown in Fig. 3). The designer can specify the length, width, and height
of the building inside the Grasshopper script, shown in Fig. 4a. This generates the
first design option in real-time within Rhino 3D, as shown in Fig. 4b. The evolu-
tionary solver Wallacei is then used to produce a large number of options by varying
the equal column spacing used in each direction to obtain the most cost-effective
option, taking into account the weight of structural steel only, a standard method

Fig. 3 Project’s GD workflow
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Fig. 4 Single-storey structure automation tool

implemented by fabricators in approximating the cost. This process leads to various
plausible design options with respective design data, aiding the designer to make a
judgment call on which options to proceed with.

3.2 Structural Analysis Component

The current analysismethod in the automation toolmentioned in Sect. 3.1 uses Excel.
After Excel performs a simplified calculation to select the structure’s members, a
summary of the structure’s weight is created. From this summary, the weight of
the beams, struts, and bracing is totalled and represents the total weight of steel
for the structure. This total steel weight is the driving factor for comparing various
layouts that the script produces. However, using Excel is a very simplified method of
structural analysis and needs to be replaced with a more advanced means of analysis.

3.3 Implementation of Finite Element Method for Structural
Analysis

Toanalyze the structure using the structural analysis programS-Frame, a linkbetween
the scripts in Grasshopper and S-Frame is needed to transfer the model’s data from
Rhino3D to S-Frame. Since there is no currentAPI that exists to connectGrasshopper
and S-Frame, a middleware text file is required to create this link between software.
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This text file will export the necessary information from Grasshopper and import
it into S-Frame to create the structure model. To create such a text file, a template
text file is made that holds all the semi-constant information that can later be filled
out with the remaining data to match the desired model. Filling out the remaining
data can be performed with a C# script that grabs all the needed geometry data from
Grasshopper and inserts it into the text file. Once this is done, the text file can be
opened with S-Frame, creating the S-Frame model and allowing the FEA solver to
analyze the structure. This creation of this link is almost complete, as the only data
left to transfer is the bracing geometry. The transfer of the model’s data between
software is shown in Fig. 5.

To create the C# script that fills out the needed text file, a custom Grasshopper
component was created and shown in Fig. 6. This custom component takes the user
inputs such as the number of bays in each direction, the wall height, and bay spacing,
which are used to generate all the remaining data required for the text file. This data
consists of design codes, geometry, loads, section and material properties, etc. This
is intended to create a fully-parametric tool that can update the text file for S-Frame
as soon as one of the model’s parameters changes inside Grasshopper.

Fig. 5 Transfer of model’s data between Rhino3D and S-Frame
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Fig. 6 Custom Grasshopper component created from C# script

4 Preliminary Results and Future Research

4.1 Cost Estimate

In practice, designers estimate the steel structure cost in the design development
stage based on steel tonnage. The steel tonnage can be considered a key metric to
evaluate and compare design options. However, the total weight of steel can only
provide an approximate estimate of the project’s total cost. Other important variables
are also required to improve the estimate’s accuracy, since the total construction cost
of structural steel framing is not necessarily a function of its weight [2]. The three
primary components of the total cost are a function of the material, fabrication, and
erection costs, as shown in Fig. 7 [3]. The material category is defined as structural
shapes, plates, steel joists, steel deck, bolting products, welding products, painting

Fig. 7 Distribution of the
total cost of structural steel
framing [4]
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products, and any other products purchased and incorporated into the project. The
fabrication category includes the detailing and fabrication labour required to prepare
and assemble the shop assemblies of structural shapes, plates, bolts, welds, and other
materials. The erection category includes the erection labour needed to unload, lift,
place, and connect the structural steel frame components. Lastly, other costs are
defined as all cost items not specifically included in the three previous categories [4].
As shown in Fig. 7, thematerial costs only constitute one-quarter of the total cost, and
the majority of costs are associated with the fabrication and erection of structural
steel framing. From the results shown in the mentioned studies, it is evident that
the proposed automation tool needs to incorporate other cost estimating factors to
provide a more realistic estimate of the project’s total cost.

4.2 Building Geometry

The current lateral load resisting system of the single-storey building consists of
cross-bracing placed at the corners. However, other bracing configurations such as
chevron bracing, V-bracing or single diagonal bracing can also be used in such low-
rise buildings. The possibility of different bracing configurations (Fig. 8), number

Fig. 8 Typical bracing configurations for portal frames [19]
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of braced frames and bracing locations will be studied in the future. Note that the
application of X-bracing, inverted V-bracing, and diagonal bracing options for a
simple portal frame structure were evaluated in the past using a python script built
in Grasshopper [25]. Furthermore, other steel frame geometric parameters such as
height to eaves, the pitch of frame, and haunch length are so far missing in the design.
Other research has included such parameters in optimizing steel frame buildings [13,
20]. Adding different bracing configurations and other frame geometric parameters
will widen the design space’s scope and create a more realistic structure.

4.3 Future Direction

While the current study shows promising results obtained using the proposed automa-
tion tool, it is still rudimentary and requires further refinement and development
before it could be implemented in practice. Further improvements to the proposed
automation tool are as follows:

• Incorporate finite element analysis into the project’s workflow by completing the
link between Grasshopper and S-Frame.

• Incorporate additional factors in the overall cost estimation process to obtain an
accurate value.

• Consult with fabricators and erectors to better understand their preferences in
the construction of single-storey steel buildings and implement this industry
knowledge into the optimization process.

• Expand the scope of the generated frame geometry to produce a more realistic
structure and improve optimization.

• Implement multi-objective optimization algorithms by adding more design
variables and objectives.

• Explore and compare different optimization algorithms used in structural appli-
cations and determine if better results can be obtained.

• Combine a connection design optimization tool with the current automation tool.

5 Conclusions

An automated optimization tool is proposed here for the structural design of single-
storey steel structures by reducing steel tonnage in the design stage. The prelimi-
nary results show the evolutionary algorithm adopted can result in optimized design
options in the design development stage to help the designer select an efficient,
better design option. Future studies will incorporate other key design objectives
including member availability, connection type, and different frame geometries
into the proposed automated design tool to achieve a more accurate estimate of
construction costs.
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Calculation of Longitudinal Strain
Parameter Used in CSA A23.3:19
Torsion Provisions for Reinforced
Concrete Members

A. Kuan, E. C. Bentz, and M. P. Collins

1 Introduction

The two key parameters used in the CSA A23.3:19 [6] shear and torsion provisions
for reinforced concrete are β and θ. β, a factor which accounts for the shear resistance
of cracked concrete, is used to calculate the shear capacity attributed to the concrete,
Vc, while θ, the angle of inclination of diagonal compressive stresses which result
from shear and torsion, is used to calculate the shear capacity attributed to the rein-
forcement, Vs, as well as the torsional resistance of the member, Tr. Although these
parameters are affected by many factors, the CSA A23.3 provisions, beginning with
the 2004 code [2], harmonized their calculation by relating them a single quantity, the
longitudinal strain in the member at the mid-depth, εx. For members which contain
at least minimum amounts of transverse reinforcement, the resulting equations for β

and θ are:

β = 0.40

(1 + 1500εx)
(1)

θ = 29◦ + 7000εx (2)

In lieu of a more detailed analysis, CSA A23.3:19 suggests using the following
equation, which is based on the applied loading and the characteristics of the longi-
tudinal reinforcement, to calculate εx. The derivation of Eq. 3 assumes that if the
flexural compression zone is uncracked, the longitudinal strain at the mid-depth of
themember can be conservatively estimated as half of the strain in the flexural tension
reinforcement, as shown in Fig. 1.
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Fig. 1 Section of a reinforced concrete member subjected to sectional actions (left) and resulting
longitudinal strain distributions (right)

εx =
Mf
dv

+
√(

Vf − Vp
)2 +

(
0.9phTf

2Ao

)2 + 0.5Nf − Ap fpo

2
(
EsAs + EpAp

) ≤ 0.003 (3)

When using theCSAA23.3:19GeneralMethod, Eqs. 1–3must be used together to
determine the shear and torsion resistance of the member. If a more direct alternative
is desired, the Simplified Method, which uses β = 0.18 and θ = 35°, can be used
instead. These values of β and θ are obtained if εx is chosen to be 0.85 × 10–3 which,
assuming 400 MPa steel and using Eq. 3, corresponds to a stress of φsfyl = 0.85
× 400 = 340 MPa in the flexural reinforcement. Because it is derived based on a
conservative value of εx, the Simplified Method typically gives lower estimates of
capacity than the General Method.

Although it is reasonable to assume that the flexural compression zone remains
uncrackedwhendesigningmembers for shear, this is not always the case for situations
involving torsion. Experimental evidence has shown that torsion, either alone or in
combination with other actions, can cause cracking around the full perimeter of the
cross section. When this occurs, Eq. 3 will underestimate εx, potentially leading to
unconservative values of β and θ. To remedy this issue, CSA A23.3:19 includes an
accompanying clause which suggests that if axial tension causes the compression
zone to crack, the value obtained from Eq. 3 should be doubled. However, this clause
does not consider the possibility of full-depth cracking caused by torsion and does
not provide a rational basis for calculating the resulting increase in εx if it occurs.

This paperwill present a simplemechanics-based approach, previouslymentioned
in another paper [16] but explained in more detail here, to account for the effect of
torsion on εx. The proposed method addresses the shortcomings of CSA A23.3:19
by providing engineers a means to (1) determine when cracking of the flexural
compression zone occurs and (2) calculate its effect on β and θ. Validation of the
method against 291 torsion experiments found in the literature shows that thismethod
improves the accuracy and safety of the General Method in CSA A23.3:19.
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2 Derivation of Proposed εx Equation for Torsion

The proposed method for calculating εx is obtained by following the derivation
of Eq. 3 but relaxing the requirement that the flexural compression zone remains
uncracked. Consider the section of a reinforced concrete member shown in Fig. 1
with a flexural lever arm dv which resists an axial load Nf, a bending moment Mf, a
shear force Vf, and a torsion Tf. If the shear force is carried in the concrete by a field
of diagonal compressive stresses only and the torsion is temporarily neglected, the
force in the flexural compression region is equal to:

Ftop = −Mf

dv
+ 0.5Vf cot θ + 0.5Nf (4)

The presence of torsion, Tf, causes an additional longitudinal tension which must
be carried by longitudinal reinforcement distributed around the perimeter of the
member. If it is assumed that θ is constant on each face of the cross section, this
tension, NTorsion, can be calculated using the following equation:

NTorsion = Tfpo
2Ao

cot θ (5)

In Eq. 5, Ao is the area enclosed by the shear flow path and po is the perimeter
of the shear flow path. These terms can be approximated as Ao = 0.85Aoh and po =
0.9ph, where Aoh and ph are the area enclosed and perimeter defined by the centreline
of the stirrups, the same way that they are defined in CSA A23.3:19.

The resulting longitudinal tension caused by the combined effects of shear and
torsion can calculated by taking the square root sumof squares of the individual terms.
This is done instead of simply adding the terms together because under combined
loading, θ is generally not constant around the cross section and the assumed values
of Ao and po are affected by the presence of shear. Performing this operation and
including the terms associatedwith prestressed reinforcement results in the following
equation for Ftop:

Ftop = − Mf

dv
+ 0.5 cot θ

√(
Vf − Vp

)2 +
(
0.9Tfph
2Ao

)2

+ 0.5Nf − A
′
pf

′
po (6)

In Eq. 6, Vp is the vertical component of prestress acting in the direction of the
applied shear, Ap

′ is the area of prestressing reinforcement on the flexural compres-
sion side and fpo′ is the stress in the prestressed reinforcement on theflexural compres-
sion side when the surrounding concrete strain is equal to zero. The force on the
flexural tension side, Fbot, can be calculated in a similar manner by simply changing
the sign on the Mf term and using the analogous definitions for Ap and fpo:
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Fbot = Mf

dv
+ 0.5 cot θ

√(
Vf − Vp

)2 +
(
0.9Tfph
2Ao

)2

+ 0.5Nf − Apfpo (7)

With the longitudinal forces known, the corresponding longitudinal strains in
the reinforcement on the flexural compression and tension sides, εx,top and εx,bot
respectively, can now be determined. If cotθ is conservatively approximated as 2.0
and only positive strains are considered, applying Hooke’s law to Eqs. 6 and 7 yields
the following equations for εx,top and εx,bot:

εx,top =
−Mf

dv
+

√(
Vf − Vp

)2 +
(
0.9Tfph
2Ao

)2 + 0.5Nf − A
′
pf

′
po

EsA
′
s + EpA

′
p

≥ 0 (8)

εx,bot =
Mf
dv

+
√(

Vf − Vp
)2 +

(
0.9Tfph
2Ao

)2 + 0.5Nf − Apfpo

EsAs + EpAp
≥ 0 (9)

Finally, the longitudinal strain at the mid-depth is found by taking the average of
the top and bottom longitudinal strains. It is suggested that the upper limit of 0.003
on εx, which applies to Eq. 3 to avoid relying on excessive amounts of redistribution
within the member, be maintained [2].

εx = εx,top + εx,bot

2
≤ 0.003 (10)

The proposed method, which is a simple reworking of Eq. 3, provides a check
for when cracking of the flexural compression zone takes place and considers the
influence of the flexural compression reinforcement on εx when it occurs. In situations
where the tension caused by the torsion exceeds the compression from the moment,
εx,top will be positive, leading to larger values of εx and θ than those obtained using
the General Method. Conversely, if the compression from the moment dominates the
tension caused by the torsion, then the numerator of Eq. 8 will be negative, leading
to εx,top = 0. When this happens, Eq. 10 converges to Eq. 3 and the proposed method
will give the same results as the General Method.

3 Validation of Proposed Method Against Experiments
in the Literature

The proposed method for calculating εx was validated against a large database of
experiments from the literature. Of the 291 tests considered, 154 were beams tested
in pure torsion and 137 were beams tested under combined bending and torsion. The
size of eachmember’s cross section, which were all rectangular in shape, varied from
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102mm x 203mm to 500mm x 725mm, and 46 were hollow. The concrete strengths
varied from 14.3 MPa to 105.7 MPa, and the yield strength of the reinforcing bars
used varied from 248 MPa to 690 MPa. The quantity of longitudinal reinforcement,
expressed as the volumetric ratio of longitudinal steel ρl =Al/Ac, varied from 0.16%
to 3.88%, and the quantity of transverse reinforcement, expressed as the volumetric
ratio of transverse steel ρt = Atph/Acs, varied from 0.15% to 2.49%. Beams which
failed by crushing of the concrete before yielding of either direction of steel were not
considered in the study because the CSAA23.3:19 equation used to predict crushing
is not a function of εx.

To obtain the failure load of each specimen using the proposed method, εx was
first calculated using Eqs. 8–10, and then Eq. 2 was used to calculate θ. The CSA
A23.3:19 equations for torsional strength, shown below, were then used to determine
both the failure load and predicted mode of failure.

√(
Vf − Vp

bwdv

)2

+
(

Tfph
1.7A2

oh

)2

≤ 0.25φcf
′
c (11)

Tr = 2Ao
φsAtfyt

s
cot θ (12)

Flt = Mf

dv
+ 0.5Nf + cot θ

√(
Vf − 0.5Vs − Vp

)2 +
(
0.45phTf

2Ao

)2

≤ φsAsfyl + φpApfyp

(13)

Flc = −Mf

dv
+ 0.5Nf + cot θ

√(
Vf − 0.5Vs − Vp

)2 +
(
0.45phTf

2Ao

)2

≤ φsA
′
sfyl + φpA

′
pfyp

(14)

Equations 11–14 correspond to failure modes associated with crushing of the
concrete before yielding of any reinforcement (11), yielding of the transverse rein-
forcement (12), and yielding of the longitudinal reinforcement on the flexural tension
(13) and flexural compression (14) sides of the member. fyt, fyl and fyp are the yield
strengths of the transverse, longitudinal, and prestressing steel respectively, and fc’ is
the compressive strength of the concrete. When performing the validation study, the
value of each resistance factor (φc, φs and φp) was taken as 1.0 in order to evaluate
the true predictive capabilities of the method.

Table 1 contains a summary of the analysis results obtained using the proposed
method. The quality of each strength prediction was evaluated by calculating the
ratio of the experimentally observed failure torque and the predicted failure torque,
Test/Pred. The processwas repeated using theCSAA23.3:19GeneralMethod,which
calculates εx using Eq. 3, and the CSA A23.3:19 Simplified Method, which uses θ

= 35°. Examining the statistics based on the full dataset, the proposed method has
the most accurate Test/Pred of the three methods on average, as well as the smallest
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Table 1 Summary of analysis results

Type Investigators Test/Pred
statistics

Proposed
method

CSA A23.3:19
general method

CSA A23.3:19
simplified
method

Pure torsion [1]
[3]
[7]
[9]
[10]
[11]
[12]
[13]
[14]
[15]
[17]
[20]
[21]
[22]
[23]
[25]
[26]

Count 154 154 154

Mean 1.33 1.27 1.37

COV 15.8% 17.9% 21.1%

1st percentile 0.840 0.740 0.696

Combined
torsion and
bending

[5]
[8]
[11]
[18]
[20]
[21]
[24]
[25]

Count 137 137 137

Mean 1.22 1.30 1.31

COV 16.0% 21.3% 19.9%

1st percentile 0.765 0.655 0.703

Total Count 291 291 291

Mean 1.27 1.28 1.34

COV 15.9% 19.4% 20.5%

Max 2.20 3.46 2.79

Min 0.71 0.69 0.73

1st percentile 0.800 0.701 0.700

coefficient of variation (COV). Furthermore, the first percentile Test/Pred value of
the proposed method, based on a normal distribution fitted to the lower half of the
data, was 0.800, which is higher than the corresponding values for the other two
methods. If the reliability heuristic suggested by MacGregor [19] is used to interpret
these values, the resistance factor required to offset the 1% probability of failure for
the proposed method would be 0.800, which is less severe than the 0.701 needed
for the General Method and 0.700 needed for the Simplified Method. Overall, all
of these metrics suggest that the proposed method makes safer and more accurate
predictions of torsional capacity than both of the methods currently used in CSA
A23.3:19.
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The following sections discuss the application of the proposed method for pure
torsion and combined torsion and bending in more detail.

3.1 Members Subjected to Pure Torsion

Pure torsion tests are the simplest and most common form of torsion experiment,
even though pure torsion does not occur in practical situations. In the absence of other
actions, using Eqs. 8–10 to calculate εx becomes straightforward. If the longitudinal
reinforcement is equally distributed on the top and bottom of the member, then As =
As

′ =Al/2. This results in the following equation for εx for non-prestressedmembers:

εx = 0.9Tfph
AoAlEs

(15)

Figure 2 shows theTest/Pred values for each of the 154beams tested in pure torsion
when analyzed using the proposed, CSA A23.3:19 General, and CSA A23.3:19
Simplified methods. The horizontal axis, ρlfyl/ρtfyt is a measure of the relative tensile
strength of the longitudinal reinforcement compared to the transverse reinforcement.
A large value of ρlfyl/ρtfyt indicates that the member is more likely to fail due to
yielding of the stirrups and a small value of ρlfyl/ρtfyt indicates that yielding of the
longitudinal reinforcement is more likely to govern the ultimate load.

The CSA A23.3:19 General and Simplified methods tend to be very conservative
for members which fail due to yielding of the longitudinal reinforcement. This is
because the CSA methods, which calculate εx assuming that half of the member is
uncracked, tend to use values of θ which are shallower than those observed experi-
mentally. Lower values of θ increases the demand on the longitudinal reinforcement,
which results in more conservative estimates of strength. The opposite occurs for
members with a larger ρlfyl/ρtfyt, where the CSA A23.3:19 methods tend to give

Fig. 2 Experimental validation, pure torsion. Proposed method (left), CSA A23.3:19 general
method (centre), CSA A23.3:19 simplified method (right)
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less conservative predictions of strength. In these cases, the shallower θ overesti-
mates the torsional strength provided by the transverse reinforcement, resulting in
many Test/Pred values below 1.0 the GeneralMethod is used. Because the Simplified
Method uses the same assumption as the General Method to calculate its value of
θ = 35°, it too has several Test/Pred values under 1.0. However, it is usually more
conservative than theGeneralMethod because its assumed value of θ is usually larger
than the θ obtained using the General Method. The proposed method, which always
uses larger values of εx and θ than both of the CSA methods in situations of pure
torsion, gives more consistent and accurate predictions across the full spectrum of
reinforcement arrangements.

3.2 Members Subjected to Combined Torsion and Bending

The response of reinforced concrete members subjected to torsion in combination
with bending is strongly influenced by the behaviour of the longitudinal reinforce-
ment. If the ratio of the applied bending moment to the torsion is defined as ω =
Mf/Tf, then Eqs. 13 and 14 can be rearranged to express the torsional resistances
offered by the flexural compression and flexural tension steel respectively:

Tr = 2Ao
φsAsfyldv tan θ

0.9phdv + 2Aoω tan θ
(16)

Tr = 2Ao
φsA

′
sfyldv tan θ

0.9phdv − 2Aoω tan θ
, only positive values of Tr should be considered.

(17)

When using Eq. 17, negative values of Tr will be obtained if the longitudinal steel
on the flexural compression side of the member remains in compression under the
effects of Tf and Mf. When this happens, the flexural compression reinforcement
cannot fail by yielding in tension and hence these values should be discarded.

Figure 3 shows the Test/Pred values obtained using the three methods for each of
the 137 beams considered in this study. Many of these tests contained more longi-
tudinal reinforcement on the flexural tension side than on the flexural compression
side, meaning that failure could be governed by yielding of the longitudinal steel
on only one side of the beam. Members tested under a high ratio of M/T tended to
fail by yielding of the flexural tension reinforcement, while members tested under
a low ratio of M/T tended to fail by either yielding of the stirrups or of the flexural
compression steel.

As with the case with pure torsion, the proposed method tends to give more
uniformly accurate and safe predictions over a wide range of ω. For flexure-
dominated tests with a largeM/T ratio, the GeneralMethod and the proposedmethod
give the same results. This is because the high bending moments cause the flexural
compression zone to stay uncracked, resulting in the proposed method converging
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Fig. 3 Experimental validation, combined torsion and bending. Proposed method (left), CSA
A23.3:19 general method (centre), CSA A23.3:19 simplified method (right)

to the General Method. For lower values of ω, which correspond to situations where
the flexural compression zone can crack from the torsion, the predictions obtained
using the General and Simplified methods are much worse than those made using
the proposed method. In situations where yielding of the longitudinal reinforcement
governs the failure, the smaller values of θ overestimates the demand on the flexural
compression reinforcement, producing several predictions which are conservative by
more than a factor of 2.5. For members which instead fail by yielding of the stirrups,
the shallower choice of θ used by the CSA methods results in some unconservative
predictions for the same reasons mentioned for the pure torsion tests.

A study of the TBU (“Torsion Bending Under-reinforced”) series of beams tested
by Onsongo [24] was performed to evaluate the methods in situations of combined
torsion and bending in more detail. Details of the specimens and experimental failure
loads can be found on the torsion-bending interaction plot shown in Fig. 4. Also
plotted on Fig. 4 are the predicted interaction curves obtained using the proposed,
CSA A23.3:19 General and CSA A23.3:19 Simplified methods. The theoretical
response of these non-symmetrically reinforced beams has been previously discussed
by Collins and Lampert [4]: for lowM/T ratios, failure is governed by yielding of the
reinforcement on the flexural compression side. Increasing the M/T ratio increases
the load which the member can resist until an optimal point is reached, after which
the failure load reduces as yielding of the flexural tension steel begins to govern the
failure.

The interaction curves predicted by the CSA General and Simplified methods
shown in Fig. 4 exhibit three distinct regimes. The methods correctly predict that
yielding of the top longitudinal reinforcement governs failure for low M/T ratios,
although the shallow values of θ used by themethods overestimate the tensile demand
in the steel, resulting in very conservative predictions for TBU5. The flat region is
where Eq. 11 predicts a crushing failure of the beams, which gives accurate predic-
tions for TBU3 and TBU4. For large values of M/T, yielding of the flexural tension
steel governs the calculated capacity, with the General Method predicting a steeper
reduction in strength than the Simplified method because it uses a smaller value of θ.
When performing the calculations using the CSA methods, the torsional resistance
attributed to yielding of the transverse reinforcement never governs.
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Fig. 4 Torsion-bending interaction, TBU series. Proposed method (blue), CSA A23.3:19 general
method (red), CSA A23.3:19 simplified method (green)

The additional considerations used to calculate εx with the proposed method
results in a more complex torsion-bending interaction curve. Like the General and
Simplified methods, for low values of M/T, failure is governed by yielding of the
top longitudinal steel. However, because the method predicts that the compression
zone cracks, larger values of εx and θ are used which result in more accurate predic-
tions. The constant region on the interaction diagram where T = 170 kN corresponds
to failure being governed by yielding of the transverse steel, which caps εx and
θ at 0.003 and 50° respectively. The subsequent ascending region corresponds to
when yielding of the stirrups governs the strength of the member, but the presence of
moment causes the torsional strength to increase. Because themember has less longi-
tudinal reinforcement on the top than on the bottom, the decrease in εx,top from the
flexural compression is greater than the increase in εx,bot from the flexural tension.
Increasing the moment therefore causes a net decrease in εx and θ, which in turn
increases the efficiency of the stirrups and increases Tr. For larger values of M/T,
the proposed method predicts the same behaviour as the General Method (crushing
according to Eq. 11 followed by yielding of the flexural tension steel).

The interaction curve obtained using the proposed method matches the exper-
imental failure loads and observed behaviour more closely than those obtained
using the General and Simplified methods. In particular, the predictions made for
low M/T ratios using the methods in CSA A23.3:19 are very conservative and do
not adequately capture the effect of the flexural compression reinforcement on the
specimens’ capacity.
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4 Concluding Remarks

Although designing reinforced concrete members to resist torsion shares many simi-
larities with designing for shear, some assumptions used in shear design are no longer
valid when torsion is present. In this paper, the assumption that the flexural compres-
sion region stays uncracked when calculating εx is examined. Although appropriate
for shear design, the presence of torsion causes the CSA A23.3:19 General and
Simplified methods to make relatively poor strength predictions of 291 beam tests
found in the literature (average test-to-predicted torsional strengths of 1.28 and 1.34
with COV of 19.4 and 20.5% respectively). The strength of members which fail
by yielding of their transverse reinforcement tends to be overestimated, while the
strength of those governed by yielding of the longitudinal reinforcement tends to be
underestimated.

This paper presents an alternative method of finding εx which instead calculates
it as the average of the longitudinal strains on the top and bottom of the member.
Using this procedure instead of the default εx equation in CSA A23.3:19 results in a
similar average test-to-predicted value of torsional strength, 1.27, but improves the
COV to 15.9%. It is suggested that future editions of CSAA23.3 include this method
to both improve the accuracy of the design provisions and also draw attention to this
unique aspect of torsion design.
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Use of Structural Health Monitoring
Data in Reliability-Based Analysis
of Existing RC Corbel Considering
Teflon Degredation

Connor Petrie, Fadi Oudah, and Glen Norlander

1 Introduction

Structural Health Monitoring (SHM) allows owners to measure their structures in
response to changing loads over time, to assess for the effects of deterioration, and
to improve risk-based decisions around maintenance. With a growing number of
SHM programs being implemented in North America, there is a need for research
investigating the incorporation of SHM data into assessing the safety of structural
components. Depending on the locations and type of measurements taken as part of
the ongoing SHMprogram, reliability-based techniques can be employed to estimate
the changing safety of the structure over time. Location of the measurements will
depend on the structure and the nature of loading. Largemulti-story buildings, like the
one examined in this study, are typically monitored at the expansion joints, through
measurement of the movement of these joints over time.

The present case-study examines a multi-story institutional building located in
Alberta. At the expansion joints, south side floor girders are continuous with the
column, north side floor girders sit on corbels with sliding Teflon bearing pads. The
expected relative movement at the expansion joints has several reasons including
shrinkage and creep of concrete members, elastic deformation under load, and
temperature cycles. These movements should have been considered in the original
design. However, the building has experienced additional unexpected movement,
with the cause attributed to excessive differential settlement and soil rebound. The
owner has developed a SHM program, monitoring at the expansion joints where
excessive movements are occurring, and as a result has monitored movement since
1996.The continuation of increasing relativemovement of building sections at expan-
sion joints is thought to be a primary limitation to the expected life of the structure.
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In addition, the Teflon bearing pads used at expansion joints will degrade with time,
further increasing the lateral force on the corbel by increasing the coefficient of fric-
tion of the sliding surface. The increasing force adversely affects corbel reliability
(i.e., reduce the safety over time). The proposed reliability framework incorporates
SHM data, in the form of measurements of horizontal movements at the expansion
joints, taken over 30 years, as a random variable (RV) in the reliability analysis.

An upper floor along an expansion joint with the largest recorded movements was
selected for analysis. The horizontal movement data was extrapolated and used for
statistically-based structural assessments, known as structural reliability. Regression
was used to fit and project curves of the anticipated movement until the end of the
assumed service life (75 years). Descriptive statistics (bias, coefficient of variation
(COV), and distribution type) were determined for eccentricitymodel error. Statistics
for loads and material strength were taken from the values used to calibrate the
Canada National Building Code [5]. Monte Carlo Simulation (MCS) was employed
to calculate the reliability index of the corbel for the assumed remaining service
life. To investigate the effect of Teflon degradation, a parametric study was also
conducted by bounding the coefficient of friction of the Teflon and taking a range of
deterministic values.

The following sections describe in more detail the methodology and input used
to conduct the reliability analysis. Section 2 describes the used SHM data and the
techniques used to calculate the descriptive statistics of the RVs. Section 3 deals with
the load and resistance models used. Sections 4 and 5 describe the reliability analysis
and study on the effects of Teflon degradations.

2 Structural Health Monitoring Data

A SHM program has been in place to monitor the building’s unexpected soil related
movements. Measurements are taken bi-annually during the winter and summer
seasons. The program measures horizontal movements of the expansion joints at
each floor by measuring the relative movement to a fixed point. This data can be
incorporated into reliability analysis to calculate the change in reliability of the
corbel over time by introducing a new RV of eccentricity model error. This new
variable is based on the mean bias and standard deviation of the measurements
through regression analysis to fit predictive curves to the data, while the distribution
type of the model error was found using MATLAB’s built-in distribution fitting tool.

2.1 Data Selection

Review of recorded horizontal movements, from 1996 to 2019 was conducted and
horizontal movement data of the expansion joint with the largest movement was
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extracted, at each corbel location. The data was sorted into two databases, Database
A and Database B, representing winter and summer movement, respectively. The
goal of the separate databases is to eliminate the year-to-year movement from typical
seasonal temperature differences and examine the extreme movement trends year-
to-year, so that the changing reliability over time of the corbel can be established.
Regression analysis and distribution fitting allow for the descriptive statistics of the
new RV of eccentricity model error to be found.

2.2 Regression Analysis

Regression analysis was performed with the software MATLAB on each set of hori-
zontal movements in the two databases. Best fit curves predict the yearly movements
of each corbel. Each curve derived was used to project predicted relative movement
at each corbel until 2036 (the assumed remaining service life of the building). Bias
values were obtained (bias is defined as the actual value divided by the predicted
value) for every year with recorded movement. Statistical parameters (bias, COV &
distribution type) for eccentricity were obtained. The mean bias and COV obtained
were used as inputs for reliability analysis and were found to be 1.00 and 0.172,
respectively.

2.3 Distribution Fitting

To obtain the distribution of the eccentricity bias, fitting of typical distributions
(normal, lognormal, Weibull, extreme) was performed using MATLAB for each
corbel location along the expansion joint. It was found that a lognormal distribution
best fit the eccentricity bias data at this location.

3 Load and Resistance Models

A predictive model in SAP2000 was constructed to model the geometry and loads
of the building. Static non-linear gravity load analysis was conducted to obtain the
loads imposed on the corbels. Flexural resistance models to describe the capacity of
the corbel, based on its internal reinforcement were used to make the limit state. The
following subsections describe each model in detail.
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3.1 SAP2000 Predictive Model

A Predictive SAP2000 model, consisting of the building’s main structural compo-
nents, was used to yield the gravity loads imposed on the corbels. A static non-linear
analysis of dead and live loads was completed to obtain unfactored axial and normal
forces at the corbels.

3.2 Resistance Model

Resistance models were formulated based on reinforcement type to find the capacity
of the reinforced concrete corbels. A classical bending resistance model based on
CSA A23.3-14 [3] was developed to compute the capacity of embedded built-up
structural steel plates, used as primary resistingmembers, in the corbels. The primary
resisting plates are embedded in the column, at the corbel location, and extend into
the corbel to provide flexural capacity. Moment resistance of the corbels is calculated
given the random inputs from MCS.

4 Reliability Analysis

MCS was selected to perform the reliability analysis for its robustness in handling
several different distribution types of random variables that make up the limit state,
coupledwith its relative simplicity to set up.An excel sheetwas programed to preform
100,000 runs of the given flexural limit state, for each corbel and season. Reliability
index values were calculated at 5-year intervals from 2010 until 2035, showing the
trends in the changing safety of the corbel.

Descriptive statistics and distribution type for eccentricity found in this study are
given in Sects. 2.2 and 2.3, respectively. Descriptive statistics for the other statistical
parameters for load and material strength are based on studies conducted by [1, 2, 4,
6]. The bias and COV were 1.12 and 0.10, respectively, for steel yield strength; 1.18
and 0.16, respectively, for concrete strength; 1.05 and 0.10, respectively, for dead
load; 0.90 and 0.17, respectively, for live load; and 1.00 and 0.206, respectively, for
transformation to load effect. These statistical parameters are used with the load and
resistance models to carry out MCS.

5 Parametric Study: Teflon Degredation

The effects of degradation of the Teflon sliding surface were considered by adjusting
the coefficient of friction, μ, of the Teflon-steel sliding surface. Three deterministic
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Fig. 1 Corbel seasonal reliability index, β, over remaining service life

values,μ= 0.04, 0.1, 0.3 are used. These coefficients represent optimumasmanufac-
tured, design value, and steel on steel (fully degraded) sliding conditions. MCS was
conducted as described in Sect. 4 for each value of μ, for the remaining service life
of the structure in 5-year intervals from 2010 to 2035. Figure 1 shows the changing
reliability index, β, over the remaining service life for a critical corbel. Reliability
index values are shown for both seasons, and, for μ values of 0.1 (design) and 0.3
(steel on steel):

The figure shows that based on the variation in material strength and loads,
combined with the projected eccentricity, the safety of the corbel does not degrade
uniformly with time or between each season. Furthermore, bearing pads on buildings
are typically inaccessible for assessment. As the Teflon degrades toward steel on steel
(μ= 0.3), the reliability drops significantly as compared to the design condition (μ=
0.1). The decrease in reliability from the Teflon degradation is muchmore significant
than that resulting from an increase in eccentricity and could be the limiting factor
when estimating the remaining service life.

6 Conclusion

The presentwork examines the application of a simple reliability framework to assess
the changing safety of RC corbels, part of a buildings expansion joint system. It
shows how practicing engineers can incorporate structural health monitoring (SHM)
data into reliability analysis to quantify the changing safety of a corbel, while also
considering Teflon degradation. The proposedmethodology will have significance to
practicing engineers and provide a rational basis for assessing the useful remaining
life of a corbel as part of the structure, based on data from a SHM program.

The proposed framework can aid to address the probabilistic side of risk assess-
ment, allowing for improved planning of milestones for major repair or decommis-
sioning. Furthermore, considering Teflon degradation of the bearing pad within the
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corbel assembly is needed, as this may the limiting factor to the remaining service
life of the structure as shown in this case study. Further studies to investigate how
the condition of Teflon components within a corbel expansion joint system affects
the reliability are recommended.
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The Behaviour of Reinforced Concrete
Under Impact Loading: Review

M. George, M. Abdallah, and H. Hajiloo

1 Introduction

Columns are a key aspect of public infrastructure such as bridges and buildings as
they provide the primary structural support to ensure the structures remain standing.
Columns utilized in these structures can vary inmaterial type (concrete, steel, hybrid,
timber, etc.), size, orientation, and cross-sectional geometry (rectangular, spherical,
square, etc.).

Lateral impact loads can most commonly occur due to vehicle collisions with the
structural columns. These collisions can be accidental such as a car losing control or a
distracted driver [9], but they can also be intentional such as an act of terrorism [2] or
suicide [10]. The consequences of such an impact can cause the failure of the column
and the structure which can have fatal results. The I-40 bridge in Webbers Falls,
Oklahoma was a concrete bridge for vehicle travel over the Arkansas River which
collapsed in 2002. The failure was caused by a barge collision with the supporting
columns which resulted in a partial collapse of the bridge and killed 14 people [3].

The consequences of failure occurring can be catastrophic with large loss of
life, especially if this failure were to occur in a high-rise residential or commercial
structure. To prevent this loss of life it is important to develop ways to mitigate the
possibility of collapse. Some strategies for mitigating failure due to lateral impact
loads includematerial supports such as steel tubes or fibre reinforced polymers (FRP),
and design solutions such as developing improved lateral impact resistance designs
for columns. This literature review will explore some research done into material
mitigation factors for resisting lateral impact loads such as concrete-filled FRP tubes,
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concrete-filled FRP-steel double-skin tubes, spiral reinforcement (SR), and ultra-
high-performance fibre-reinforced concrete (UHPFRC). This researchwill be used to
explore the impact resistance of concrete-filled glass FRP (GFRP) tube columns and
evaluate how the GFRP tube improved the impact resistance of reinforced concrete
(RC) columns.

The effects of dynamic loads are difficult to accurately calculate and are often
estimated with a numerical equation that uses several assumptions. These methods
for estimating the equivalent static loads often have a large margin for error. Subse-
quently, it is harder to effectively reinforce the columns to resist dynamic loadings
without accurate knowledge of how these materials improve the performance of the
column. The effects of lateral impact loads on columns are being studied to provide
a better understanding of how impact loads can compromise the structural integrity
of columns and the structures as a whole. This improved understanding will aid the
development of more accurate lateral strength capacity estimates for columns, and
material or design solutions to improve the performance of columns subjected to
impact loads.

2 Background

2.1 Testing Methods

The impact testingmethod used by researchers ideally should simulate the conditions
that occur in an impact loading scenario and replicate the failuremodes and responses
likely to occur in this event. In the reviewed studies, there were three primary testing
methods used to evaluate the impact resistance of the specimens. Thesemethodswere
(1) drop weight apparatus, (2) horizontal impact apparatus with a truck or trolley,
and a (3) finite element (FE) model simulating a truck impacting the column. A
monotonic test was also implemented by Qasrawi et al. [14] to evaluate the static
load enhancements provided by FRP jackets. These tests were performed using a
variety of impact weights, drop heights, and impact velocities. There are advantages
and drawbacks associated to each of the testing methods utilized to test impact
resistance.

Drop weight apparatuses are the most common method for impact testing as they
can more closely resemble impact damage in field conditions while also having a
built-in fail-safe mechanism that can stop the motion of the weight. However, if the
weight does not immediately separate from the specimen after impacting the spec-
imen then the weight will move with the specimen and the additional weight needs to
be account for in the determination of the impact response [6]. Additionally, if there
needs to be an increase in the impact energy/velocity, this can require increasing the
height of the drop weight apparatus or strengthening the guide columns of the weight
to support a heavier mass.
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Aghdamy et al. [1] developed a horizontal impact testing system (HITS) which
used a pneumatic instrumented striker to deliver the impact load. The drawbacks for
both of the HITS and drop weight systems are that they have difficulty accurately
simulating the effects of a vehicle collision due to their limited applied impact energy
capacity. The horizontal impact apparatus using a trolley system was used by Chen
et al. [6] as this system can reproduce full-scale crash tests. Similar systems were
also used for various researchers to study the effects of collisions with columns.

An FE model was also used to study the effects of a full-scale crash at velocities
typically experienced around bridge columns. This system for testing the impact
resistance can be effective but only if the model is properly validated, which can be
an exhaustive process that requires experimental results to compare the model. Due
to this, the FEmodel is only as reliable as the data used to validate the results and can
be time intensive if the experimental data is going to be collected through the study.
These methods were used to study the impact resistance enhancement provided by
various materials typically used to strengthen structural members.

2.2 Effects of Strengthening Materials on Lateral Impact
Resistance

2.2.1 Effects of Spiral Reinforcement on Lateral Impact Resistance

A numerical study on the dynamic response of reinforced concrete columns by Cai
et al. [5] determined that the impact force-time histories can be divided into three
stages: the oscillation stage, stabilization stage, and attenuation stage. The oscillation
stage is caused by the initial impact lifting the impact force to its peak, which is
increased with a higher impact weight and velocity. There is then a fast decay before
the curve begins to increase steadily in the stabilization stage. As the impact energy
dissipates, the impact force reduces to zero in the attenuation stage which concludes
the impact process. Similar to the force-time history, the deflection-time history
consists of the ascent stage, descent stage, and the damped vibration stage. The
numerical analysis conducted by Demartino et al. [7] yielded similar force-time
histories as those found by Cai et al. [5] There were some discrepancies between
the two force-time histories primarily that the Demartino et al. [7] histories did not
display the stabilization stage found by Cai et al. [5]. This discrepancy can likely be
attributed to the Cai et al. [5] impact location being at the top of the columns, and
the columns having a square cross-section whereas the Demartino et al. [7] columns
were circular with the impact location near the base of the column.

The experimental study conducted by Demartino et al. [7] showed that the forma-
tion of damage occurs faster in higher velocity impacts and that the severity of the
damage also increases as impact velocity increase. The study by Cai et al. [5] also
concluded that the increase in impact velocity leads to a linear increase in maximum
displacement. However, the severity of the damage is improved by reducing the
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distance between stirrups in the columns which increases the shear resistance and
could provide sufficient resistance after concrete cracking. The addition of spiral
reinforcement was suggested by Chen et al. [6] to improve the ductile behaviour of
columns subjected to impact loading.

2.2.2 Effects of FRP on Lateral Impact Resistance

The force-time histories provided in the study conducted by Chen et al. [6] showed
that the addition of GFRP tubes improved the shear and global impact behaviours
of the columns. The importance of the GFRP was also shown to be more significant
with an increase in impact energy. The specimens with thicker GFRP tubes exhibited
higher local stiffness and damping, which lead to an increase in the duration of the
impact. The force-time histories of the concrete-filled FRP tube (CFFT) columns
were similar to those for reinforced concrete, with an initial and steep rise in impact
force, followed by a sharp decline and stabilization before a steady decay to zero. The
specimen with a thicker GFRP tube exhibited a sharper decline than the specimens
with a thinner GFRP tube. The shallower decline exhibited by the specimens with a
thinner tube remained relatively constant with an increase in impact velocity. This
suggests that increasing the thickness of the GFRP tube will increase the rate of
decay of the impact force while increasing the overall duration by improving the
damping of the column.

Pham and Hao [13] reviewed of the impact resistance provided by FRP and
concluded that FRP materials were an efficient way to improve the impact resistance
of concrete structures. The addition of FRP was shown to increase the load-carrying
capacities of columns, while also increasing the ductility and energy absorption. This
is supported by the findings of Chen et al. [6] which concluded that increasing the
thickness of GFRP tubes leads to an increase of energy absorption and a decrease
in the maximum displacement of CFFT columns. They also showed that the tensile
strength of the FRP increases as the strain rate increases and that an increase in
compressive strength can be attributed to the addition of FRP tubes. The experi-
mental results from Qasrawi et al. [14] showed that the addition of an FRP jacket
increased the energy required to cause the failure of a reinforced concrete column
by a significant amount. The FRP jacket also reduced permanent displacements and
the occurrence of concrete crushing or spalling in the columns. The ductility of the
columns was shown to increase with the addition of an FRP jacket. For columns with
a 1.2 and 2.4% reinforcement ratio the energy required to cause failure increased by
1223 and 467% respectively, indicating that there is a greater benefit to columns with
lower reinforcement ratios. Wang et al. [16] showed that increasing the thickness of
the FRP tube leads to a decrease in impact load and residual lateral deformation.
It was also stated that the FRP fibres were oriented in the hoop direction and that
further research should be conducted into the effect that the orientation of the fibres
has on the impact resistance of the member.
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2.2.3 Effects of FRP and Spiral Reinforcement on Lateral Impact
Resistance

The lateral impact resistance of concrete columns is improved through the addition
of FRP tubes or spiral reinforcement. Qasrawi et al. [14] showed that the addi-
tion of FRP tubes to a column with spiral reinforcement drastically improved the
impact energy capacity of the column. Chen et al. [6] showed that concrete columns
reinforced with only FRP tubes reduced the maximum displacement and increase
the energy absorption of the column, but that it exhibited a brittle failure mecha-
nism. The study concluded that the brittleness of the FRP tubular columns could
be improved with the addition of spiral reinforcement. Thus, the configuration of
FRP tubes and spiral reinforcement not only increases the impact resistance of the
column, but also improves the ductility of the element. It was also concluded that
for columns carrying heavier axial loads the configuration of FRP tubes and spiral
reinforcement is optimal for resisting lateral impact loads. A study of axial impact
resistance conducted by Huang et al. [11] concluded that the configuration of FRP
tubes and spiral reinforcement provided better impact resistance than either of the
materials separately.

2.2.4 Effects of Other Strengthening Materials on Lateral Impact
Loads

Steel tubes are a viable strengtheningmaterial to improve the lateral impact resistance
of concrete columns. In a study conducted by Chen et al. [6], it was found that the
residual lateral deformations of a column with a hollow steel tube interior (DSTC)
were roughly 40% lower than the concrete columns reinforced with just an FRP tube
(CFFT). This indicated that the members with steel tubes had lower local stiffness
and higher global stiffness. The DSTC members are also able to absorb more energy
than the CFFT members under the same impact velocity.

Ultra-high-performance fibre-reinforced concrete (UHPFRC) is considered to be
a promising material to improve the resistance of impact loading. Fan et al. [8]
conducted a study to evaluate the impact resistance provided by UHPFRC using
a numerical analysis. Compared to conventional RC columns, the UHPFRC jacket
reduced displacement by at least 50% and exhibited less severe damage under similar
impact velocities. The thickness of the UHPFRC jacket significantly affected the
impact resistance of the column under low-velocity impacts, but when the impact
velocity was high increasing the jacket thickness had minimal effect on the residual
capacity after impact.

2.2.5 Summary of the Column Damage

The various support materials used to reinforce the columns impact the amount of
damage sustained by the column. Generally, it can be seen that the addition of any
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material typically reduces the amount of damage and increase the impact energy
capacity. However, the FRP-steel double skin tubular columns were able to sustain
the most amount of impact energy and exhibited lower damage when compared
to the conventional reinforced concrete columns and the columns reinforced with
other materials. A summary of the damage sustained by various columns reinforced
with material supports, the loading conditions, and section properties can be seen in
Table 1.

2.3 Effects of Strengthening Materials on Axial Impact Loads

2.3.1 Effects of Steel Tubes on Axial Impact Loads

Steel tubes have been shown to have a positive effect on the lateral impact resistance
of concrete columns, but a study by Zhu et al. [17] investigated the potential benefits
of concrete-filled steel tube (CFST) columns on axial impact resistance. The study
showed that the circular columns were able to sustain significantly higher impact
forces and exhibited lower maximum displacements and a shorter impact duration.
It was concluded that circular columns were optimal for resisting axial impact loads
as a result of the shape characteristics allowing more impact force to be distributed
to the concrete core. Increasing the steel strength was able to increase the axial
impact resistance of the CFST columns, but the impact of this was more visible in
non-circular columns due to their increased sensitivity to local buckling.

2.3.2 Effects of FRP and Spiral Reinforcement on Axial Impact Loads

Columns reinforcedwith FRP and spiral reinforcement were shown to be an effective
configuration for lateral impact resistance. A study by Huang et al. [11] looked into
the axial impact resistance of circular columns with GFRP and SR. The impact
damage resistance of the columns was shown to be improved by the configuration
of GFRP and SR than either of the two reinforcement materials separately. The
configuration was shown to increase the impact stress duration and that a higher
stress level was reached after the peak, indicating that the confinement improves the
energy dissipation capacity of the column. Increasing the number of GFRP layers
and SR volumetric ratio was able to increase the convergence of dynamic peak stress
towards the static peak stress. These findings were consistent with those found by
Huang et al. [12]which showed that columnswithCFRP andSRdemonstrated higher
impact load resistance compared to columnswith either of thesematerials separately.
The ductility of the column was also improved by the addition of CFRP and SR, with
the failure mode being less brittle. Similar to Huang et al. [11], the addition of CFRP
and SR increased the maximum impact load, larger energy dissipation capacity, and
more durability at high levels of stress. These two studies concluded that increasing
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Table 1 Summary of experimental studies on the effects of impact loads on columns types

Reference Specimens Dimension (mm) Mass of
impactor
(kg)

Impact
energy
(kJ)

Damage that occurred

[7] Reinforced
Concrete

d = 330 s = 330 1582 7.21 1 diagonal crack. Some
capacity reserved

d = 330 s = 100 6.98 1 diagonal crack. Some
capacity reserved

d = 330 s = 330 15.66 1 diagonal crack. Some
flexural cracking along rear
followed by failure

d = 330 s = 100 15.45 1 diagonal crack. Some
flexural cracking along rear
followed by failure.
Damage reduced when
stirrup distance reduced

[14] GFRP and
SR

d = 200, ρ(%) = 1.2 561 8.7 Sustained 1 impact; GFRP
failed

d = 200, ρ(%) = 2.4 Sustained 5 impact; GFRP
failed

[6] DSTC dcon = 300, dst =
140, tFRP = 7

1580 61.9 Minimal damage; concrete
spalling of abutment at fixed
end

dcon = 300, dsteel =
140, tFRP = 7

85.2 Noticeable damage at point
of impact. Failure resulting
from fibre rupture of the
GFRP in hoop direction at
fixed regions

dcon = 300, dsteel =
140, tFRP = 7

108 Noticeable damage at point
of impact. Failure resulting
from fibre rupture of the
GFRP in hoop direction at
fixed regions

dcon = 300, dsteel =
140, tFRP = 10

108 Noticeable damage at point
of impact. Failure resulting
from fibre rupture of the
GFRP in hoop direction at
fixed regions

(continued)
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Table 1 (continued)

Reference Specimens Dimension (mm) Mass of
impactor
(kg)

Impact
energy
(kJ)

Damage that occurred

[16] Reinforced
concrete
with
Interior
steel tube

d = 114, tsteel = 2.1,
6 bars with d = 6,
dties = 4 at s = 50

230 0.56 Slight damage in impact
region. 17.8 mm of residual
deformation

d = 114, tsteel = 2.1,
6 bars with d = 6,
dties = 4 at s = 50

230 1.13 Significant cracks observed
at the bottom of the column
and concrete crushed at the
concrete base. 29.5 mm of
residual deformation

d = 114, tsteel = 2.1,
6 bars with d = 6,
dties = 4 at s = 50

230 2.25 Major cracks observed in
specimen. 53.9 mm of
residual deformation

the thickness of the FRP and SR ratio greatly improves the impact resistance of the
columns.

2.4 Future Considerations

There remains a gap in knowledge indicated in these studies that are to be accounted
for in future research. Wang et al. [16] stated that the effect of the orientation of
the FRP fibres on lateral impact resistance was unclear, and for that study, the fibres
were oriented in the hoop direction of the member. Due to this uncertainty, the
orientation of the fibres in the FRP should remain constant for all members tested
to ensure homogeneity amongst the test specimens. Pham and Hao [13] reviewed
numerous studies into the impact resistance provided to concrete structures by FRP
reinforcement. It was stated that the debondingmechanism, stress-strain relationship,
and the rupture strain of the FRP subjected to impact loading were unclear through
the review. Future research is needed to determine the effect that impact loading has
on these subjects.

3 Research Methodology

This review is the first step towards developing a systematic research plan on the
impact resistance of conventional reinforced concrete columns and CFFT columns
confined with GFRP tubes. It was revealed that there is considerable research
performed on the impact resistance of concrete columns reinforced with different
materials. However, there exists minimal research conducted that directly compares
the improvement provided by CFFT columns to conventional reinforced concrete
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columns with respect to lateral impact resistance. Research into the impact resis-
tance of CFFT columns must be furthered to enhance the knowledge on the integrity
and reliability of infrastructures against impact loads.

Currently, an experimental work is conducted at Carleton Univesity to investi-
gate the impact resistance of CFFT columns and conventional reinforced concrete
columns. The objective of this study is to understand the performance of columnswith
the CFFTmaterial configuration compared to reinforced concrete columns subjected
to loads simulating the effects of vehicle collisions with bridge piers.

Although the drop mass test apparatus was the most adopted to understand the
impact behavior of structural members, it is difficult to simulate the vehicle colli-
sion due to their limited applied impact energy capacity. The pendulum impact was
designed to induce impact loading on concrete members in several studies [4, 15]
and [18] and proved to be an efficient way to simulate vehicular impact character-
istics. Thus, in this study, a pendulum machine of 221 kg is used to apply impact
loading on the specimens. Test setup is shown in Fig. 1. The pendulum was lifted
with designated angles using a pulley system connected to a winch and then released
to generate the impact loading on the top of the columns. The impact angle was
achieved by pulling the pendulum weight backwards to a distance corresponding to

Fig. 1 Test set-up of lateral
impact test using pendulum
machine
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the impact angle by cranking the winch. The winch was mounted on a steel reac-
tion frame. The pulley system was connected by passing a high tensile strength rope
from the winch to a fabricated rolling rod at a height above the winch, and then to
a hook on the pendulum weight system. A release mechanism was achieved using a
fabricated rod with a rope attached to it. The rod was connected to its hook such that
it unlocked from the hook once the attached rope was pulled.

All specimens have a height of 1800 mm with two different internal diameters of
152 and210mm.All columns are reinforcedwith 6–10Mlongitudinal reinforcement.
Circular ties of 10 M and with 100 mm pitch, are added along the height of the
columns to increase their structural performance. A steel base with a hollow steel
section of 152diameter and 450mmheightwas fabricated to provide afixedboundary
condition to the bottom of the columns. The steel base is attached to the ground of the
strong floor lab using four high-strength anchor bolts. A normal strength concretewas
used to cast the column specimens. The maximum aggregate size was 20 mm. The
average compressive strength of the concrete was around 35MPa. The yield strength
of the longitudinal bars and ties was 447 MPa and the elastic modulus was 200 GPa.
To investigate the effects of different FRP tube parameters, two types of glass FRP
tubes with a different wall thickness of 2.9 mm and 6.4 mm are used. The tube wall
consisted of continuous glass fibers wound in an epoxy resin matrix. Dimensions and
mechanical properties of the used GFRP tubes are shown in Table 2. The equipment
used in the experimental program included Celesco string potentiometers (SP1-25),
50-kip compression load cell, andYokogawaDL750PDataAcquisition system as the
oscilloscope. The load cell and string potentiometerswere calibrated at the laboratory
to determine their capacities, mode of operation and to give accurate results for the
tests. In addition, A series of strain gauges are mounted to the column to record the
strain of the steel bars and GFRP tubes during impact.

Table 2 Dimensions and mechanical properties of fiber-reinforced polymer tubes

Tube type Internal
diameter
(mm)

Thickness
(mm)

Number of
layers

Stacking
sequence

E1 (MPa) E2 (MPa)

I 152 2.9 8 [±60]4 20,860 8785

II 152 6.4 16 [±612, ±432,
±614]

23,630 9270

II 210 6.4 26 [±74, ±604,
±74, ±604,
±744]

24,720 10,250
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4 Conclusion

There were several reinforcing materials that showed promise to improve the impact
resistance of concrete columns. These materials included spiral reinforcement, FRP,
FRP-SR configurations, steel tubes, and UHPFRC jackets.

1. Spiral reinforcement alone was shown to improve the severity of the damage
that occurred due to impact loading by improving the shear resistance of the
column. It was also shown that the addition of spiral reinforcement improved the
ductility of the beams and results in less brittle failure modes. An analysis of the
force-time histories of columns with spiral reinforcement showed that circular
reinforced concrete columns exhibited a rapid decay of the impact force after
the initial peak.

2. FRP confinement is an efficient means to improve the impact resistance of the
concrete column by increasing the load-carrying capacity, energy absorption,
and ductility of the member. It was determined that increasing the thickness of
the FRP tube also enhanced the benefits provided to the column.

3. The combination of both FRP and spiral reinforcement was determined to
provide more improvement to the impact resistance than either of the two
materials separately. This configuration was also determined to be optimal for
resisting impact loads if the column is required to carry sufficiently heavy axial
loads.

4. The steel tubes were shown to be a viable material for improving the impact
resistance of concrete columns, with the addition of a hollow interior steel tube
reducing residual lateral deformation by 40%.

5. TheUHPFRC jackets improve the impact resistance of columns,with significant
improvement over reinforced concrete columns at high-velocity impact loads.

6. Regarding the axial impact resistance of concrete columns, Steel tube confine-
ment was shown to significantly improve the axial impact resistance of the
columns which reduced maximum displacements and impact duration while
increasing the impact force capacity. The strength of the steel tube increased
the axial impact resistance but did not have as much of an effect on circular
columns due to the shape characteristics. The FRP-SR configuration was shown
to be effective in improving the axial impact resistance of the column. The FRP
confinement was indicated to improve the energy dissipation capacity of the
column, and that increasing the FRP thickness or SR volumetric ratio further
improves the resistance of the member.

7. it has been shown that the FRP-SR configuration for reinforcing circular
concrete columns is effective in improving the lateral impact resistance. This
configuration with GFRP will be compared to reinforced concrete columns in
future research to study the behaviour of these columns under dynamic impact
loading.
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Concentric and Eccentric Material
Characterization of Polyurethane Disc
Bridge Bearings

Nicholas Thibodeau, Alan Lloyd, and Hassan Fatemi

1 Introduction

Bridge bearings are used to accommodate a superstructure’s translational and rota-
tional displacements independently from the substructure while appropriately trans-
ferring loads. A common type of bearing, high load multirotational bridge bearings
(HLMR), have been widely utilized in larger structures given their ability to resist
high loads and permit rotations about any horizontal axis. Included in which are
pot, disc and curved sliding bearings, with notable research on their behaviour and
mechanics coming from NCHRP Report 432 [8]. Disc bearings, in particular, utilize
an unconfined polyether-urethane disc (polyurethane disc) sandwiched between steel
plates with a high strength shear pin in the center to resist horizontal loads. The hard
elastomeric polyurethane can resist high compressive demands without excessive
vertical deflections, while accommodating the superstructure’s rotations. Although
disc bridge bearings are not a modern invention, their origin of being a proprietary
technology has limited their utilization and public knowledge on the behaviour of
the bearing and the material within. To facilitate widespread use of disc bearings
in Canada, material characterization on the polyurethane’s response under compres-
sive and rotational loads is required to properly design, model, and understand the
bearings limitations.

Being an elastomeric material, the polyurethane seen in disc bridge bearings is
visco-hyperelastic and experiences a non-linear elastic response under high compres-
sive demands that is dependent not only on its inherent material properties, such as
hardness, but also its shape, temperature, loading boundary conditions, and rate
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of loading [7]. Since elastomers are considered to be an incompressible material,
meaning uniaxial compressive deflection is accommodated not by volume change
but by displacement of the material via bulging, the shape of the material influences
its compressive resistance. This effect is generally characterized using shape factor
or the area under compression over the area free to bulge. The influence shape factor
has on the compressive stiffness is directly dependent on the loading boundary condi-
tion, or with respect to disc bearings, the friction between the polyurethane and its
bearing plates. Previous work on the relationship between polyurethane-plate fric-
tion and its stiffness concluded the influence shape factor has on the polyurethane’s
compressive stiffness increases alongside the increase in friction between the plates
and polyurethane since it resists lateral sliding of the disc [2]. Additional information
on the characteristics of elastomeric material that may be relevant for bridge bearing
applications can be seen in Chapter 33 – Mechanical Properties of Rubber in Harris’
Shock and Vibration Handbook, or the NCHRP Report 248 [6, 7].

This paper describes an experimental research program, completed at the Univer-
sity of New Brunswick, designed to characterize the response of polyurethane seen
in disc bearings under a bridge’s compressive and rotational demands for various
shape factors. Concentric and eccentric tests completed on small-scale polyurethane
specimens of shape factors varying from 1.5 to 4 with boundary conditions and prop-
erties seen in disc bearings are summarized. The resulting characterization will give
bridge designers the means to appropriately predict the polyurethane’s behaviour at
various loading stages, such as during the initial placement of the superstructure,
subsequent variations of compressive load, and rotations experienced during the life
of the structure.

This work is part of a more extensive study between the University of New
Brunswick and Goodco Z-Tech that aims to better understand the behaviour of disc
bridge bearings and polyurethane under conditions seen in Canadian bridges.

2 Experimental Program

In this study, small-scale polyurethane disc samples containing properties and
boundary condition interactions similar to what would be seen in a disc bridge
bearingweremanufactured and tested under cyclic concentric and eccentric compres-
sion. These testing programs were developed to characterize the compressive and
rotational behaviour under parameters seen within a Canadian bridge.

2.1 Specimen Details

Six groups of polyurethane disc specimens of uniform thickness were manufactured
with varying diameters to achieve shape factors of 1.5, 2.0, 2.5, 3.0, 3.5 and 4.0,
respectively, using the equation for shape factor of a solid disc in terms of thickness
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ID-6ID-5ID-4ID-3ID-2ID-1

Fig. 1 Polyurethane specimens used for concentric, eccentric, and future testing

Table 1 Dimensions of
polyurethane specimen
sample size groups

Sample ID Shape factor
(SF)

Diameter (mm) Thickness
(mm)

1 1.5 75 12.5

2 2.0 100 12.5

3 2.5 125 12.5

4 3.0 150 12.5

5 3.5 175 12.5

6 4.0 200 12.5

(t) and diameter (D) shown in Eq. 1. Specimens can be seen in Fig. 1 with their
dimensions outlined in Table 1.

Shape Factor (SF) = Area Under Loading

Area Free to Bulge
=

πD2

4

πDt
= D

4t
(1)

These sizes were chosen so that the range of typical polyurethane shape factors
used in a disc bridge bearing are captured and that enough sizes are tested to validate
thematerial characterization results. The specimensweremanufacturedwith uniform
manufacturer specified hardness of Shore 90A and an average measured hardness of
36D.

Since it was unknown what temperatures the specimens experienced during ship-
ment, they were conditioned at room temperature in the laboratory for a week prior
to testing to ensure any low-temperature effects on the polyurethane’s properties are
avoided.

Additionally, 19.05 mm thick steel bearing plates finished in the same manner as
a disc bridge bearing were used to properly simulate the contact interaction between
the polyurethane and steel plates in an actual bearing. One set of plates were used
for each set of sample sizes, with each plate having a diameter 25.4 mm larger than
its respective polyurethane specimen.
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2.2 Cyclic Concentric Compression Test Setup

Thirty specimens, fiveof each sample size,were tested under cyclic uniaxial compres-
sion by the self-reacting compression machine shown in Fig. 2. The specimens were
centred to the cross-head motion of the machine then cycled five or ten times at a
continuous deformation rate of±1.3mm/min, reaching amaximum stress of 55MPa
and minimum load of 1335 N (0.04 to 0.3 MPa depending on specimen size). Five
cycles were performed on four out of the five specimens within a sample size, with
the fifth specimen being tested under ten cycles. The five-cycle amount was chosen to
ensure the cyclic behaviour approaches a harmonic state, with the ten-cycle test being
used to validate its harmonic state. The loading rate of ±1.3 mm/min was chosen
to follow that of ASTM D695, in-lieu of faster rates found in standards related to
compressive tests on rubbers/elastomers, in order to be conservative in keeping the
dynamic viscoelastic properties of the rigid polyurethane to a minimum [1]. The
maximum stress of 55 MPa was chosen as it represents around 150% of the CSA
S6-19 specified allowable service load compressive pressure on the polyurethane
element in a disc bridge bearing of 35 MPa [3]. Using 150% of this condition is an
approximate representation of the ultimate stress experienced by the polyurethane
within a bearing. The minimum load was used to ensure all components remained
in contact throughout testing.

Stress-strain relationships were obtained for each tested specimen. The average
vertical strain was monitored by using two 25 mm linear variable differential trans-
formers (LVDTs) at either end of the specimen, 180° from each other. Data acquisi-
tion software was used to simultaneously monitor the LVDTs displacement and load
output from the compression machine at a rate of 10 Hz. Figure 3 depicts a typical
cyclic compression concentric test setup.

Additionally, the diameter of two specimens from each sample size was measured
incrementally for over one week following their initial test to evaluate the recovery
of the material’s bulging from compressive deformation. These specimens were then
re-tested under the same cyclic concentric compression procedure to investigate the
response of a specimen that has had time to recover from high stresses.

Fig. 2 Compression
machine
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Fig. 3 Cyclic compression
test setup

Fig. 4 Eccentric test
template for sample ID-4

2.3 Cyclic Eccentric Compression Test Setup

To explore the rotational stiffness of the polyurethane disc samples, cyclic uniaxial
compression tests with an eccentric load was performed on the specimens of varying
shape factors. The largest sample, ID-6 having a shape factor of 4.0, was omitted from
these tests due to capacity constraints of the compression machine. The eccentricity
values were selected to be 5.5 mm for ID-1 specimens, 8.5 mm for ID-2 specimens,
10 mm for ID-3 specimens, 12.5 mm for ID-4 specimens and 14 mm for ID-5
specimens. These values were selected as they represent an eccentricity of around
7–8.5% of the specimen’s diameter, below the 10% limit set out by CSA S6-19 for
mitigating uplift of the polyurethane disc within a disc bridge bearing [3].

The specimens were positioned with these eccentricities by marking a template
on the bottom plate holding the specimen and its respective bearing plates, as seen
in Fig. 4, so when the bottom plate is centred with the cross-head motion of the
compression machine, the specimen is appropriately offset. A custom load head was
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also built for the compression machine, seen in Fig. 5, consisting of a 50 mm thick
steel plate pinned to a high strength steel rod.

The 50 mm steel plate was loosely pinned to the steel rod that was fixed to the
upper portion of the compression machine so that the plate could rotate freely as the
specimen rotates, while remaining centred in-between tests. Two LVDTs measuring
displacement throughout the test were located on either side of the specimen, perpen-
dicular to the axis of rotation, and evenly spaced from the center of the cross-head
motion. The resulting displacement values were used alongside the distance between
the LVDTs to determine rotations of the sample following the test. Data acquisition
software was used to simultaneously monitor the LVDTs and load output from the
compression machine at a rate of 10 Hz.

The test procedure consisted of installing the samples at the appropriate eccen-
tricity and applying five compression cycles at a continuous rate of±1.3 mm/min to
a peak rotation of 0.02–0.022 rad and a minimum load of 2225 N. The peak rotations
were chosen as it represents the approximate ultimate rotation of the polyurethane
element in a disc bridge bearing. Since the compression machine could not be
programmed based on the rotation of the specimen, displacement control of the
compressionmachine’s cross-headmotionwas used instead.However, since the point
of the eccentric test was to determine the rotational stiffness of the polyurethane, the
needed specimen deflection to induce the peak rotation at the location of the cross-
head was unknown. To overcome this, the needed peak displacement was initially
estimated for each sample size using the 50–55 MPa secant modulus from the cyclic
concentric tests, then tested on a previously used specimen from the cyclic concen-
tric tests. The values were then adjusted to obtain a target peak rotation of 0.02
rads before using an eccentric specimen. Peak rotations were calculated following
each eccentric test and cross-head displacement adjusted, if needed, to remain in the
0.02–0.022 rad range of rotation. The displacement rate was chosen for the same
reasoning as the cyclic concentric tests, and the minimum load was used to ensure
all components remained in contact throughout testing.

Fig. 5 Eccentric sample test
setup
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3 Experimental Results

The experimental results of the polyurethane specimen tests focus on the stress-strain
relationship for concentric tests, and the moment-rotation relationship along with the
deflection of the two extreme ends of rotation throughout testing for eccentric tests.
The primary objective is to characterize the compressive and rotational behaviour of
the polyurethane for various shape factors.

3.1 Concentric Test Results

Typical stress-strain relationships obtained from the five cycle concentric compres-
sion tests are shown in Fig. 6 for a specimenwith a shape factor (SF) of 2.0, and Fig. 7
for a specimen with a shape factor of 3.5. The specimens’ diameter and thickness
were measured at four distinct locations prior to testing and averaged in determining
the engineering stress-strain values. Displacement of the specimens was calculated
using the average of the two LVDTs to account for possible minute rotations of the

Fig. 6 Five cycle concentric
compressive stress-strain
results for specimen ID 2–4

Fig. 7 Five cycle concentric
compressive stress-strain
results for specimen ID 5–2



350 N. Thibodeau et al.

specimen during testing. The data acquisition system captured the load values in
unison with the displacement readings.

Mullins effect is observed following the initial loading cycle (virgin curve), as
the reloading response follows closely to that of the initial cycles unloading curve
[5]. After unloading of the first cycle, the specimens exhibited unrecovered strain, or
residual strain, causing the second loading cycle to start from the residual strain loca-
tion. Additional residual strain was seen in the following cycles, with its magnitude
reducing after each cycle. This trend was apparent in all tested specimens, with the
ten cycle tests confirming a continuous reduction in residual strain following each
cycle, an example of which is shown in Fig. 8.

The data collected for the five specimens tested in each sample size under cyclic
concentric compression were averaged and corrected so that loading starts at zero
strain and zero stress. The results may be used in comparing responses between
polyurethane shape factors. Figure 9 shows the average virgin curve in addition to
the average fifth loading curve for each sample size.

Fig. 8 Ten cycle concentric compressive stress-strain results for specimen ID 3–5 (Shape factor=
2.5 & Diameter = 125 mm)

Fig. 9 Averaged virgin loading curve (Left) and average fifth loading curve (Right) per sample
size
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3.1.1 Recovered Samples Re-test Results

A number of specimens from each sample size were re-tested under the same condi-
tions a minimum of one week following the initial cyclic concentric compression
test. An example of re-tested stress-strain results in comparison to its original test
can be seen in Fig. 10, corrected so that loading of both tests starts at zero stress and
zero strain. To investigate recovery of the specimen’s shape, the average diameter
was measured incrementally between the initial test and re-test. It was observed that
the specimens did not fully recover and exhibited permanent bulging, Fig. 11. The
majority of recovery occurred 6 h following the initial test with an average of 35%
of the bulging recovered between all re-tested specimens, and an additional average
of 16% after approximately seven days.

Fig. 10 Specimen ID 1–2
cyclic concentric
compressive initial vs
recovered re-test results
(Shape factor = 1.5 &
Diameter = 75 mm)

Fig. 11 Pictures of
specimen ID 1–2 from the
initial test
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Fig. 12 Specimen ID 2–6 cyclic eccentric compressive results ofmoment-rotation (left) and deflec-
tion of the extreme ends during rotation over testing time (right), Diameter = 100 mm, Thickness
= 12.5 mm

Fig. 13 Specimen ID 5–7 cyclic eccentric compressive results of moment-rotation (Left) and
deflection of the extreme ends during rotation over testing time (Right), Diameter = 175 mm,
Thickness = 12.5 mm

3.2 Eccentric Test Results

Typical results for the five-cycle eccentric compressive test can be seen in Fig. 12 for
a shape factor of 2.0 and Fig. 13 for a shape factor of 3.5. Included is the moment-
rotation relationship and displacement of the two extreme ends of the specimen
during rotation.Moment-rotationwas derived from the force andLVDTdisplacement
readings along with the given eccentricity and distance between LVDTs, with the
displacement for the two extreme ends during rotation determined using the LVDT
readings and the distance to its respective specimen end.

4 Analysis and Discussion

4.1 Tangent Modulus

For all shape factors tested, the concentric compressive experimental results depicted
non-linear behaviour for stresses up to and exceeding the 35 MPa service load
compressive stress limit specified byCSAS6-19 for both the virgin loading curve and
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following cycles [3]. It is essential to examine this trend considering the polyurethane
element inside a disc bearing may be designed assuming linear elastic behaviour [4].
Linear approximation of the polyurethane’s compressive behaviour is completed
by simplifying the compressive stress-strain relationship into an effective modulus,
such as the secant modulus outlined in ASTM D695 [1]. However, according to the
experimental data, this may lead to an unrealistic estimation at the stress magni-
tude of interest given the non-linearity. A more valid method to explore the stiffness
relationship of the polyurethane may be to plot the variation of tangent modulus
over the applied stress. This is completed for each specimen by taking the tangent
of the average five data point sets before and after the stress level of interest and
plotting it against set stress for each loading cycle. The resulting variation of tangent
modulus over applied stress for all specimen’s virgin and consecutive loading curves,
respectively, are shown in Fig. 14.

It is observed from the tangent moduli of the virgin curves that a softening occurs
at relatively low strains for the initial loading of a new specimen followed by an
increase in stiffness as the loading continues. During the consecutive loading cycles,
a similar softening at lower strains to that of the virgin curve is seen as the shape
factor of the sample increases. For all shape factors, rapid stiffening of the specimens
at higher compressive strains is observed. The same process of taking the tangent

Fig. 14 Tangent modulus of the virgin loading curve (black) and subsequent loading curves (red)
against stress for all the cyclic concentric specimens
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Fig. 15 Examples of the tangent modulus of the virgin loading curve and consecutive loading
cycles for both the initial test and re-test on the recovered sample

modulus may be completed for the recovered samples, examples of which can be
seen in Fig. 15 for shape factors of 1.5 and 4.0.

4.2 Discussion on Concentric Results and Implications
for Disc Bearing Design

It is seen in Fig. 9 that the compressive stress-strain response of polyurethane, with
properties and boundary conditions as what would be used in the design of disc
bearings, is highly dependent on its shape factor. As the shape factor increases, the
overall compressive stiffness increases as well. For comparison purposes, the range
of cyclic loading tangent moduli at the CSA S6-19 service stress of 35 MPa varies
between 400 to 500 MPa for specimens with a shape factor of 2.0, and 550 MPa to
650MPa for specimens with a shape factor of 3.5. This suggests that the shape factor
is of high importance when evaluating the response of the polyurethane element in
designing a disc bridge bearing.

As previously mentioned, non-linearity of the compressive stress-strain response
that will vary between the initial loading and subsequent variations of loads is seen,
which may bring forth concerns when designing the polyurethane element in a disc
bearing. In lieu of a linear assumption for the entire stress-strain relationship, it
may be beneficial for designers of disc bearings to use the tangent modulus of the
polyurethane in a range of stresses that the disc bearing will experience. The varying
stress-strain response between initial and subsequent loadings must also be consid-
ered in designing bearings for the initial placement of the bridge on the bearing
and subsequent variations of gravity loads, respectively. The main reasoning for the
variation of stiffness after the virgin curve is currently unknown; however, it is spec-
ulated that it may be caused by the new polyurethane specimens, that have never
been stressed, experiencing permanent damage or the material being “broken in”.
This could also explain the reasoning for consecutive loading cycles showing char-
acteristics similar to that of the initial loading cycle as the shape factor increases,
such as the softening at lower strains, considering total volume of material increases
in higher shape factors resulting in less material being damaged or broken in.
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Furthermore, the initial loading of a polyurethane specimen that has had time to
recover after experiencing high stresses will respond differently compared to a new
specimen. The response falls in between that of the subsequent loading cycles and
initial loading of a new polyurethane specimen, while both sets of cyclic loading
follow the same response, as seen in Fig. 15. It may be beneficial to investigate
the initial loading of a recovered specimen with varying historic peak stresses, for
example, one that has experienced a peak stress of the CSA recommended service
load value of 35MPa in place of the 55MPa used. This could also enlighten the cause
of variations between the stiffness responses of the initial and subsequent loading
cycles and whether the speculated breaking in or damage of the material has any
validation.

4.3 Discussion on Eccentric Result

It is evident in the cyclic eccentric compressive tests that the polyurethane’s rotational
stiffness depends on its shape factor as the moment to rotation relationship dramat-
ically rises in correlation to the increase of shape factor. Furthermore, the trend
of higher stiffness resulting from increased stress or strain seen in the concentric
compressive results can be used to justify rotational behaviour.

As the specimen is loaded eccentrically and rotations are induced, the
polyurethanes cross-section experiences non-linear stiffness as the highly stressed
end during rotation becomes stiffer in relation to the end with the lowest stress. This
increases the internal resisting moment as the eccentric load is applied, which in
conjunction with the lowest stressed end being able to deform more readily than the
highest, results in higher moments needed to induce further rotation. This relation is
evident when examining the deflection time history of Figs. 12 and 13 as the deflec-
tion rate on the low stressed end of rotation increases compared to that of the high
stressed end. This is more prominent as the specimen’s shape factor increases since a
larger diameter causes higher strains when trying to induce the target rotation. For the
largest sample in the rotation tests, ID-5 having a shape factor of 3.5 and diameter of
175mm, the rate of deflection on the end experiencing the lowest stresses approaches
that of the opposite end, limiting its ability to rotate any further, which explains why
the peak rotation was approximately 0.016 rads instead of the desired 0.02–0.022
rads. An additional test was completed in an attempt to increase the total rotation of
the 175 mm specimens by increasing the compressive machine’s cross-head motion;
however, as it approached 0.016 rads, the results became asymptotic in nature, with
the applied moment rapidly increasing with minimal change in rotation.
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5 Conclusion

Based on preliminary cyclic concentric and eccentric compressive test results, the
following conclusions may be drawn on the compressive and rotational behaviour of
polyurethane under conditions seen in disc bridge bearings:

• Shape factor of the polyurethane highly influences its compressive stiffness.
Higher shape factors resulted in higher compressive stiffness.

• The polyurethane exhibits residual strain after its initial loading cycle, with the
subsequent cycles exhibiting near-harmonic behaviour with minimal additional
residual strain following each cycle.

• The stiffness response of the initial loading and following loadings cycles on new
polyurethane varies. It is recommended that different values be used to design the
initial loading of the bearing and subsequent variations in gravity loads.

• After being stressed to high levels (55 MPa in these tests), polyurethane exhibits
unrecoverable bulging, with the response of the initial loading on a previously
stressed sample varying for polyurethane that has never previously been stressed.

• During rotation, the non-linearity of the polyurethane’s compressive stress-strain
response causes non-linear stiffness among the polyurethane’s cross-section that
may impede its ability to rotate under eccentric loads low enough to mitigate
uplift.

For further validation and expansion upon the results, it is recommended to
complete similar tests on larger scale samples with dimensions similar to that of
the polyurethane element in a disc bearing. In addition, since CSA S6-19 specifies a
range of applicable polyurethane hardness’, it is recommended to complete the test
on samples of varying Shore D hardness.
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Effect of Core Fill Timing on Shear
Capacity in Hollow-Core Slabs

Taylor Quinlan, Alan Lloyd, and Sajjadul Haque

1 Introduction

Prestressed hollow-core concrete slabs (PHCS) are commonly used in flooring
systems. They are designed to minimize weight and maximize the span. This is
done by removing material from the center of the member and using prestress forces
to pre-camber the span. The lack of material in the cores can create shear issues at
the member end where there are high shear demands. In high shear scenarios, it is
common practice to fill some or all of the cores with concrete. This selective core
filling keeps the weight low in the center of the member, while maintaining shear
capacity in the high shear regions at the end of the span.

Most PHCS are cast on a bed using an extruder, which prevents the use of shear
steel reinforcement. The PHCS are constructed by first prestressing the steel strands,
and then an extruder compacts zero slump concrete which forms the PHCS over
the length of the bed. This allows for multiple members of different lengths to be
cast, with individual members cut from the whole. A typical casting bed used in this
procedure is shown in Fig. 1.

When void filling is required the flange above the core to be filled is removed, and
a plug is installed at the desired location beyond which no core filling is required.
Self-consolidating concrete is then placed in the void. This is typically done before
the prestress loads are transferred into the member by cutting the prestress strands
near the jacking point. After loads are transferred the members are cut to length
and placed into storage. In some cases, the void fill is placed in the member after
the prestress has been transferred and the specimen is fully cured. This is generally
done on the construction site using grout. Depending on when the fill is placed,
the member could be fully or partially cured, and prestress loads could be present
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Fig. 1 Extrusion casting bed for hollow core members

or not. These two constraints can affect the capacity of the member. This research
focuses on determining how the shear capacity might change based on the timing of
fill placement.

2 Background

2.1 Transfer Length

The prestress forces in the member decrease near the end due to the transfer length
of the strands, resulting in a lower shear capacity at that location. Transfer length
is specified as fifty bar diameters in the Canadian CSA Standard A23.3 Design
of Concrete Structures [3]. This has been shown to be a simplification of the actual
mechanismbymany authors. Floyd compiled an extensive reviewof past researchers’
equations for transfer length [4]. ACI 318-14 recognized the effect of the initial wire
stress in the bonding length, using the non-empirical equation given in equation one.

Lt = fsedb
20.7

or Lt = fsedb
13.8

(1)

where: fse is the strand stress, db is the bar diameter, and the equation is chosen based
on which length creates a more critical effect (ACI 318 2014). Long transfer lengths
will reduce the benefit that prestressing delivers to shear capacity, thus increasing
member cost, and shorter transfer lengths can increase the risk of failure in the end
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regions [6]. Aside from concrete strength and prestress level, the effect of several
other variables on the transfer length has also been studied. These include W/C ratio
[5], cut procedure [8], and shape of voids [9].

2.2 Components Contributing to Shear Capacity

Shear capacity is impacted by the decrease in prestress level at the member end. This
can be clearly demonstrated using the modified compression field theory (MCFT).
CSA A23.3 standards specify shear using the Simplified modified compression field
theory [2], to compute the contributions of shear steel, concrete aggregate interlock,
and harped prestressing steel [3]. One of the primary benefits of the MCFT is the
ability to estimate shear behavior of members without stirrups [2]. Prestress loads in
this theory apply internal compression to the member which keeps cracks small and
thus increases aggregate interlock.

The issue of PHCS shear in the transfer region is also affected by the possibility
of web-shear failure. Most members fail in flexure-shear, where the cracks first form
vertically due to flexure. These cracks then propagate at an angle as the shear forces
widen the cracks. Alternately, web-shear failure begins in the smaller webs of the
member due to concrete tension stresses. Research has shown that the transfer length
was an important variable in web-shear capacity [11]. Palmer and Shultz completed
a thorough study on the web-shear phenomenon, and how it was likely the cause of
underestimations in design codes for shear in multi-webbed members [9].

2.3 Effect of Core Filling

The complexity of the end region makes study of the effect of core fill on shear
capacity vital to safe and efficient design. The loading will transfer to the core fill
via interfacial shear, and timing of core-fill will affect prestress level within the
fill concrete. The bond between the two surfaces is generally described with three
components; shear friction, cohesion, and dowel action [10]. The existing concrete
strength does not exhibit a significant effect on the transfer strength with low levels of
roughness [1]. Since this study used shear reinforcement and shear keys, it is possible
the base block strength could make a difference without reinforcement. Hollow-core
slabs do not have shear reinforcement unless it is included when the cores are filled.
Another parameter that could affect the interfacial shear transfer is the presence of
the bond along multiple surfaces, instead of one side of the member. The sawtooth
model described by Bass and Carrasquillo demonstrates how lateral movement of a
concrete-concrete surface will also result in vertical movement [1]. If the sawtooth
model is accurate, a bond on both sides of the member could dramatically increase
the friction. Most interfacial shear testing is along one surface, as explored by Bass
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and Carrasquillo [1]. However, horizontal and vertical casting positions do not show
significant differences in capacities if the concrete was well consolidated [1].

Very little has been done to describe the effect of plain core fill timing.McDermott
performed a study on the effectiveness of core filling, including cold-joint, reinforced,
and plain concrete. Their research did not consider the timing of prestress transfer,
or at what point in the casting procedure the fill concrete was placed. The prestressed
behavior of the core fill decreased over time due to concrete shrinkage decreasing
the concrete-concrete bond [7].

3 Purpose of Research

This research attempts to determine how the timing of fill placement will affect the
specimen shear capacity. This will be done by casting specimens with plastic bond
breaks applied between the PHCS concrete and the core-fill, approximating the effect
of waiting until concrete is cured before placement. Since the amount of material and
the surface roughness is the same the only component of the bond that is affected is
the chemical bonding. Several specimens will also be filled after the prestress load is
transferred into the concrete, to demonstrate the capacity of specimens filled onsite
after more curing has taken place.

4 Experimental Program

4.1 Loading Scenario

Specimens were cast at Strescon Limited’s precast facility in Saint John, New
Brunswick in a single extrusion and cut to 3.05-m (10′) lengths. Specimens that
required void fill were filled over a length of 305 mm (12′′) at the member end, in
all cores according to standard practice. Compressive strength tests using standard
cylinder samples were conducted on the fully cured concrete, which showed the
hollow-core concrete had an average strength of 86 MPa, and the void fill had an
average strength of 58MPa. The specimenswere tested atUNBusing a 500 kN servo-
electric controlled hydraulic actuator set to load at 2 mm/min until first cracking;
coinciding with failure in prestressed members under shear. The loading rate was
increased to 4mm/min due to the gradual failure of this loading type once the concrete
section was clearly damaged. The members were loaded with a 76 mm (3′′) wide
steel load tree to create an approximate line load over the width of the member at
305 mm from the member end. While the length of void fill and location of the
loading are the same, this was coincidental. The load was placed at this location to
ensure failure occurredwithin the transfer length. Since the concrete surface is rough,
wooden shims were placed under the load point to ensure a uniform distribution of
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Fig. 2 Longitudinal view of testing setup

Fig. 3 Transverse view of testing setup

load over the width of the specimen. The testing diagram is shown in Figs. 2 and
3. The load point was directly above the end of the filled cores. The members were
supported by a 76 mm wide rectangular HSS support. This was selected to represent
the typical bearing width for PSHC used in internal design documents.

4.2 Data Collection

Data was collected to measure the specimen’s deflection and strand slippage. Two
Linear variable displacement transducers (LVDT) were placed on the strands. They
weremagnetically attached to ametal plate thatwas screwed onto themember, shown
in Fig. 4a. This allowed the measurement to be relative to the concrete itself. These
gave another indication that failure had occurred. Spring loaded wire potentiometers
(string pots) were placed above both the supports, either side of the load point, and
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a) Placement of LVDT b) Attachment of stringpots

Fig. 4 Location of data collection devices

nine inches from the loading point and used to measure specimen displacement.
They were attached to the member using TAPCON screws above the interior web,
shown in Fig. 4 (b). The data was collected from the same locations on all members.
Figures 2 and 3 show the locations where data was collected along the member.

4.3 Naming Convention

Five specimen types were tested to determine the effect of interfacial shear on HC
shear strength. Each member had all cores filled up to one foot from the member
end except for the plain hollow core. Two specimens were filled with void fill before
prestress load was transferred into the member, and two were created after the spec-
imenwas released from the casting bed.A plastic bagwas used as a bond break on one
specimen type before and one specimen type after release. To distinguish different
specimens and their potential loading effects, a naming convention was created. The
first letter describes if the voids were filled with concrete (F) or were plain HC (P).
The second letter describes the time of prestress transfer, with before transfer (B),
after transfer (A), or Not Applicable (N). The third letter describes the presence of
a plastic bond break (B), or no bond break (N). So the specimen type FBB would
be a bond broken slab filled with void fill before prestress transfer. During casting
the FAN/FAB specimens were first cut as 6.1 m (20′), which were then cut into two
3.05-m sections after the void fill was placed. This is shown in Table 1.
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Table 1 Naming convention No bond break
applied

Bond break applied

Not filled PNN N/A

Void filled before
transfer

FBN FBB

Void filled after
transfer

FAN FAB

5 Preliminary Results

Due to the loading scenario, most members showed vertical cracking at the load
point. The exception was the plain hollow core, which had developed diagonal shear
cracking. This also explains the lower capacity of the FBB members. Since a plain
hollow core fails in flexure shear, the filled core with no bond gives a lower capacity.
A comparison of the ultimate capacity of each specimen is shown in Fig. 5, with the
cracking capacity shown in Fig. 6.

The cracking strength of both the FBN and FAN members was not significantly
different, however the FAN members showed a higher average ultimate capacity.
This is worth nothing due to the different levels of prestressing within the cores. The
casting method would place a larger prestress load on the FBN cores, but that did
not appear to create an increase in cracking load. Despite the larger prestress load,
FBNmembers did not have as large an ultimate capacity. The larger capacity in FAN
members could be due to the increased time for the hollow-core concrete to cure,
or the lack of prestress loads. However, the additional work and time required to
create the FAN specimen’s is not practical and would only be beneficial if cracking
were acceptable in the member. After fracturing the FAB specimens, it became clear
that the core fill concrete did not completely fill the void. This resulted in a capacity
lower than the PNNmembers, and they could not be accurately compared to the FBB
specimens which were filled before transfer.
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Design models will be created for each member type and the results will be
compared against the experimental results to draw conclusions about what mecha-
nism is driving the difference between members. It appears that the presence of void
fill in this loading scenario is aiding the prestress wire bond strength. After initial
cracking, and wire slippage, the ultimate capacity increases. This would suggest that
the bond on the wires increases due to the presence of prestressing materials. This
is clearly shown in Fig. 7, where loading increases after slippage occurs in both the
FBN and FAN samples. Figure 8 shows the PNN member increasing in capacity for
a smaller amount of slippage.

Strand slippage occurred at the moment of first cracking in all members. Failure
occurred in each member at the point of loading, except for the plain members
(PNN). Some of the PNN members failed vertically, but the majority failed with a
diagonal crack formation common in flexure shear. Figure 9 shows a typical example
of the crack pattern in each member type. The cracks are very similar in all the filled
members, where vertical cracking occurs at the end of the core filling. There are also
diagonal cracks that formed along the outside of the core fill in the web. While the
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vertical cracking shown in Fig. 9d appears to be flexure cracking, it is more likely to
be shear failure pushed through the high stress point at the end of the core fill.

Most members had several smaller cracks around the failure area, but the PNN
member was the only one that had cracks extending to the front of the member. Some
FBB members also had similar cracks, since the PHCS concrete did not bond to the
void fill concrete. The void fill concrete was not normally fractured after these tests,
only happening once in all ten filled tests. If the void fill were extended beyond the
load point it is possible that the core filling would fracture as well. The location of
the load point on a high stress point on the member was a factor in the failure mode
of all member types except PNN.

6 Conclusions

Four different configurations of void filled PHCS were tested under shear. This was
done to determine if the casting methods could be optimized to maximize shear
capacity in the member end. Several members were also cast with a bond break
installed, to simulate a cold joint before transferring the prestress load into the
specimen. Based on the work to date, the following conclusions can be drawn:

1. Most specimens failed in a vertical cracking pattern at the back of the void
fill. The only specimens that did not fail in this way were the PNN and FBB
members. Some FBB members had cracking along the outside web.

2. Some specimens exhibited a higher ultimate capacity after the strands had
slipped. This seems to be due to the concrete-steel bond increasing in capacity
as slippage occurred. The helical orientation of the strands could be a cause of
this.

3. Members that had partial prestress transfer into the void fill (FAN) showed
a higher overall capacity than other members. However, it did not have
a significantly higher cracking load, and so is not practical in almost all
applications.

4. The placement of the load point and the stress concentration at the core fill end
created a consistent failure at the high stress location behind the void fill. This
generally did not allow the concrete in the cores to crack.
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Explainable Machine Learning
for Seismic Vulnerability Assessment
of Low-Rise Reinforced Concrete
Buildings

M. Midwinter, C. M. Yeum, and E. Kim

1 Introduction

Earthquake vulnerability assessment methods for buildings are key to planners and
policymakers for managing seismic risk. Given structural failures are the largest
source of losses in earthquake events, proactive assessment of their potential risk
allows decision-makers to best allocate time and resources to mitigate the effect
of earthquakes through pre-emptive rehabilitations, insurance, or reinsurance [1].
Knowledge of the building stock and which buildings are most vulnerable can also
help prioritize rescue efforts and actions against possible aftershocks.

Rapid structural performance screening methods rely on easily collected data,
simple calculations, and workable accuracy to predict the seismic vulnerability of
buildings.One of the simplest andmost popularmethods is theHassan-SozenPriority
Index (PI) [4], which has been used by researchers around the world to prioritize
a large inventory of low-rise monolithic reinforced concrete buildings. The PI is
computed using easily measured geometric dimensions of a building and is inversely
related to the structure’s vulnerability in an earthquake. The PI is defined as the sum
of the wall index (WI) and column index (CI) which are ratios of the effective wall
and column areas to the total building floor area above the base (Aft) calculated as
follows:

P I = W I + C I (1)

W I = (Acw + Amw/10)/A f t (2)
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Table 1 Datasets used in this
study

Earthquake Magnitude (Mw) Sample size Reference

Duzce, Turkey
(1999)

7.2 55 [11]

Bingol, Turkey
(2003)

6.4 116 [11]

Nepal 2015 7.8 135 [9]

Ecuador 2016 7.8 344 [12]

Taiwan 2016 6.4 106 [8]

Pohang, S. Korea
(2017)

5.4 74 [13]

C I = (Acol/2)/A f t (3)

where Acw and Amw are the total cross-sectional areas of reinforced concrete (cw)
and unreinforced masonry filler walls (mw) at the base, and Acol is the total column
area above the base. Masonry wall areas are divided by to indicate that masonry
walls contribute to the lateral resistance of the structure but an order of magnitude
less than concrete walls. The column areas are divided by 2 since columns act in
long and short directions of a typical structure. PI can be calculated for both long
and short directions, but the minimum is chosen as the overall PI.

Since its original application to the Erzincan earthquake of 1992, the PI has been
used in numerous earthquake reconnaissance missions around the world and a large
volume of post-earthquake structural performance datawere published throughData-
centerhub, a popular research data sharing platformmaintained byPurdueUniversity.
The datasets are well structured and documented for scientific study and future reuse.
This study uses data collected from the six earthquakes listed in Table 1.

This large dataset of structural features collected for the PI presents an opportu-
nity for the application of machine learning (ML) methods. It is possible that each
structural measurement, considered for the PI encodes additional information that is
lost when calculating PI due to quantization and it is theorized that ML algorithms
could identify a more accurate damage rating estimation model by learning more
complex relationships than is used to define the PI.

Moreover, whileMLmethods have been successfully applied in civil engineering,
including earthquake vulnerability assessment and structural performance screening
[15, 16], machine learning’s Achilles heel is a lack of intuitive explanations. Without
model explanations, it is difficult to judge a model’s quality and suitability using
accuracy metrics alone. In this paper, the goal is to create the best earthquake vulner-
ability classifier possible using PI data, however, it is not possible to judge what is
a ‘good’ and ‘intuitive’ prediction accuracy due to the limited scope of the dataset
(i.e., using only PI features). To address this and supplement the regular accuracy
metric, SHapley Additive exPlanations (SHAP) [5] is used to evaluate the quality of
the model.
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2 Overview of the Approach

The underlying idea is to use machine learning approaches to identify a relationship
between the geometric information of buildings and the level of damage expected
in an earthquake. The PI is oversimplified in terms of the contribution of the input
parameters, and does not provide specific thresholds or rules for relating the index
itself to damage ratings. In this study, using post-earthquake reconnaissance data
from the earthquakes identified in Table 1, a random forest (RF) algorithm is used
to develop a robust and accurate damage rating model and SHAP is used to test the
model transparency.

The data used in this study are publicly available on DataceterHub. The available
data includes general information (e.g., date of collection, GPS coordinates, images),
building geometry measurements, and damage ratings. The damage level for each
building in the dataset is classified as no damage, light damage, moderate damage,
and severe damage. Descriptions of each damage level are provided in Table 2.

It should be noted that among the data available, only seven parameters are neces-
sary for computing the PI: 1) column area, 2) the number of floors, 3) floor area, and
4) concrete wall area in the two horizontal directions (east-west and north-south),
and 5) masonry wall area in the two horizontal directions.

For the six earthquakes identified in Table 1, data for a total of 830 low-rise
reinforced concrete buildings are available. A popular ensemble learning method,
RFclassifier, was used to train a model with the building parameters as the input
features and the damage rating as the output target. The best model was identified
using hyperparameter tuning and the accuracy of the model was evaluated using
cross-validation. Whereas in the PI, the contribution of each input parameter to the
index is clearly identified, it is difficult to quantify how much each input parameter
contributes to the output (damage rating). SHAP was applied to the trained model
to address this issue and investigate how individual input parameters are correlated
with the output. This makes it possible to understand and validate the input measure-
ments to determine the output damage rating. This workflow consisting of training,
tuning, and explaining, was repeated until a high-fidelity machine learning model
was obtained.

Table 2 Damage descriptions used in the dataset

Material Damage level Description

Reinforced concrete Light Hairline cracks (<0.25 mm) and/or flexural cracks

Moderate Inclined cracks, spalling or loss of cover

Severe Loss of concrete core, reinforcement buckling or fracture,
shear failure, or visually apparent permanent drift in
structure

Masonry Light Hairline cracks (<0.25 mm) or flaking of plaster

Moderate Inclined cracking or flaking of large pieces of plaster

Severe See-through wall cracks
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In this study, we made some important assumptions to develop the model using
the real-world earthquake reconnaissance data:

• All measurements of building geometry and damage rating assessments are
reasonably accurate and consistent.

• Initial construction quality, differences in seismic design standards, and the effect
of aging, all of which could affect the damage rating, are neglected.

• Site effects and other factors that affect earthquake forces in a building are
neglected. This means two buildings with similar geometric properties are
assumed to experience the same earthquake forces.

Note that it is important to note that the data used in this study was collected by
many different engineers over the last 20 years. As such, it is not possible to check
the data collection quality and no other information is available (e.g., year of built,
structural drawings). Thus, there might have outliers in the dataset for whichsome
of these assumptions are invalid. However, the overall validity of the assumptions is
verified through the model accuracy as well as model interpretation using SHAP.

3 Model Development and Explainability

3.1 Machine Learning

The RF model is an ensemble learning method that was developed upon on the
concept classification and regression tree (CART) models. The CART model, from
the root node, attempts to create internal nodes and leaf nodes that will separate
the data into mutually exclusive subspaces. The CART model accomplishes this by
applying a greedy algorithm to the impurity score, which defines a node’s ability to
separate the dataset. Finally, a CART model is pruned where some leaf nodes are
removed, and the internal node ismade into a leaf. Themotivation of pruning aCART
model is to prevent overfitting and increase robustness. However, CARTmodels still
suffer from overfitting and high variance, which are both addressed by RF models
through bagging, which consists of two steps: bootstrapping and aggregating. Essen-
tially, the RF model creates numerous models on random subsets (booststrapping)
of the whole dataset and at each internal node, a random subset of features is consid-
ered to determine the best split. Generating a prediction from the RF model involves
running the features through every tree, created with each bootstrapped dataset, and
aggregating the resulting prediction. In other words, the RF model creates a large
number of random tree models through bagging, and the prediction is determined
by the majority vote. Like CART, RF models are quick training and easy to imple-
ment. Unlike CART, however, the RF can achieve higher accuracy and robustness
to overfitting due to the randomness introduced by bagging and selection of features
to split. Lastly, RF models are robust to hyperparameter changes (i.e. number of
trees, minimum sample split etc.), unlike multi-layered perceptron (MLP) where the
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choice of optimizer and learning-rate can drastically affect learning outcomes. Many
RF model hyperparameters deal with controlling the size of the learned trees such
as the number of estimators, maximum features for the split, minimum samples for
the split, minimum impurity decrease, and minimum samples in leaf nodes. Due to
the relatively limited number of samples in the dataset used in this study, controlling
the growth of these decision trees was not necessary.

3.2 Model Explainability Using SHAP

In this work, the SHAP library, especially TreeSHAP, based on the theory of Shapley
values, was used to explain the trained RF model. With its roots in game theory, the
Shapley value tries to determine how best to distribute a payout among players in a
collaborative game where the players are features and the payout is the prediction
[10]. Shapley values have found wide application in economics but the most intuitive
way to understand it may be in the context of a group project. The underlying idea
of the Shapley value is that while each group member can attempt the group project
on their own, they could achieve a higher grade if they all work together. Assume
a function, υ, calculates the final grade of the group based on the contributions of
group members. N is the set of all group members, S is an arbitrary subset of group
members and i is a person in the group. Then the Shapley value φi for group member
i

φi (N , υ) = 1

N !
∑

S⊆N {i} |S|!(|N | − |S| − 1)![υ(S ∪ {i}) − υ (S)] (4)

φi is the weighted average marginal contribution of group member i , calculated
for every possible subset of members.

The Shapley value is attractive for explaining complexmodels due to its efficiency
and conformity to the axioms of efficiency, symmetry, dummy player, and additivity
[10]. Continuing with the group project analogy, it is noted that Shapley is mathemat-
ically fair. Group members who do the same work receive the same grade, a group
member who does nothing receives a zero, and the contribution of each member is
additive to the whole. Despite these desired properties, the calculation of the Shapley
values requires the calculation through every combination of subset S in N features
which is extremely computationally expensive. Therefore, to use Shapley values,
it is necessary to estimate them using approximation methods to reduce computa-
tion time [14]. TreeSHAP is a specially developed algorithm to estimate Shapley
values for tree-based ensemble models (Lundberg et al., 2018). The combination of
Monte Carlo sampling feature combinations, efficient estimation of marginal contri-
butions, and a novel recursive algorithm in TreeSHAP reduces the computation cost
of Shapley values from exponential to polynomial time (Lundberg et al., 2018). A
limitation of TreeSHAP is that the dummy axiommay not be fulfilled if the feature is
correlated with another feature that does have an effect on the prediction (Lundberg
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et al., 2018). To address this, a bivariate analysis was conducted to best understand
the SHAP results.

4 Results

The dataset was split into training and validation sets, an RFmodel (M1) was naively
fit and tested. Accuracies in this paper are the calculated F1 measure, which is
a function of precision and recall, which are commonly used to describe a model’s
output compared the ground-truth label. ThemodelM1 achieved an average accuracy
of 73.5%, with class accuracies of 67, 63, and 83% for the light, moderate and severe
damage classes respectively. This appeared to be a very good result but the SHAP
analysis returned an interesting observation which is graphically presented in Fig. 1.
For actual usage, engineers simply measure seven parameters from each building,
which are used for training the model. Then, the model provides its potential damage
rating.

Figure 1 shows the average impact (SHAP value) of each feature on the model
prediction where each colour band corresponds to the predicted damage class (“L”
= Light Damage, “M” = Moderate Damage, “S” = Severe Damage). This SHAP
analysis tells us how input parameters are contributing to the model’s estimate of
potential damage to buildings. The results indicate that reinforced concrete walls are
a less impactful feature than unreinforced masonry filler walls when intuition would
indicate the opposite. We found that the reason this phenomenon occurs is due to
the imbalanced distribution of structures with and without concrete walls. If we only
validate the model performance using classification accuracy through typical metrics
(e.g., precision and recall, confusion matrix), such an important model relationship
cannot be found. This is a well-known challenge of explainability in ML models.
Based on this observation, we decided that two separate models were created: M2
for structures with concrete walls, and M3 for structures without concrete walls.

Fig. 1 SHAP summary plot for model M1
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In Fig. 2 (a), it can be seen that for buildings with concrete walls, the most
important features are the cross-sectional area of the concrete walls while Fig. 2
(b) shows that the most important feature in buildings without concrete walls is the
number of stories. Interestingly, M2 has an accuracy of 58%, class accuracies 65, 35
and 64% for light, moderate and severe damage; while M3 has an accuracy of 83%,
class accuracies 87, 67 and 87% for light, moderate and severe damage (Table 3).

Fig. 2 SHAP summary plot for models a M2 b M3

Table 3 Model accuracies

Name Description Class accuracies (L, M, S) Weighted model accuracy

M1 Full dataset (67%, 63%, 83%) 73.5%

M2 Only structures with
concrete walls

(65%, 35%, 64%) 58%

M3 Only structures without
concrete walls

(87%, 67%, 87%) 83%
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This result implies that structures with concrete walls behave in a different and
potentially more complex manner than those without concrete walls. Further inves-
tigation and more samples are needed to more conclusively determine whether a
reliable structural vulnerability classifier can be created for structures with concrete
walls will require more data. Additionally, it can be seen that the accuracy of the
moderate class is significantly lower than light and severe; this is partly due to a lack
of moderate damage records. The authors also conducted a bivariate SHAP analysis,
this plotted the SHAP value of two features in cartesian plot, while a third variable
could be used to colourized the bivariate plot. The authors confirmed their results
by plotting the training data, however it makes more sense to plot the testing data,
which is too sparse to interpret. These bivariate SHAP plots will be published in a
follow-up paper, where more data will be used for analysis.

5 Conclusion

Motivated by the simplicity of the Hassan-Sozen PI, this study used post-earthquake
structural performance data for 830 low-rise reinforced concrete buildings from six
different earthquakes to train a RF classifier to predict structural vulnerability using
only easily attainable geometric parameters. The data was used to create a classifier
(M1), which achieved a cross-validated accuracy of 73.5%. Then using a simple
SHAP analysis showed discrepancies, which was addressed by developing structural
vulnerability classifiers for buildings with reinforced concrete walls (M2), and those
without (M3).M2 andM3 achieved accuracies of 58 and 83% respectively. Using the
SHAP method, we can gain valuable insights about the performance of the model.
Further analysis of the SHAP values should be able to reveal other hidden learned
trends about what trends the model has learned. The authors hope to follow up this
work with an in-depth comparison between Hassan-Sozen PI and our RF classifier.
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Form-Finding of a Negative-Gaussian
Curvature Cable Dome Using a Genetic
Algorithm

Elshaimaa Ahmed, Ashraf El Damatty, and Ashraf Nassef

1 Introduction

Cable structures have been widely used for covering large areas such as arenas and
stadiums because of their lightweight, adaptable forms and for their architectural
impact. They can be classified into three categories; pure tension, tensegrity (cable-
struts structures), and hybrid tensile structures [1]. As one of the most widely used
applications of hybrid tensile structures, cable domes were initially proposed by
Geiger and employed in roofing the Olympic Gymnastics Hall and the Fencing
Hall for the Korean Olympics in Seoul [3]. The largest existing example of cable
domes is Georgia Dome which was designed for the Atlanta Olympics Games in
1996 by Levy [8]. Since the self-stressed equilibrium between cables and struts
should eventually achieve the rigidity of a cable dome, a specific shape wouldn’t
be maintained unless an appropriate initial prestress is assigned first. Accordingly,
determining the initial prestress is an important step when designing cable domes.
For many researches, the approach of form-finding, characterized by integrating the
shape with the self-stress state, is considered when discovering a new geometry [15].
The aim of form-finding process is to obtain, at least, one state of self-stress without
external forces by considering nodal coordinates, for example, as the main variables
while searching for special configurations. However, the prestress distribution of the
new shape that satisfies the equilibrium equations is not unique and can be chosen
by designers according to the mechanical properties of the structure, which is called
force-finding or prestress optimization.
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In the past decades, many studies focused on the form-finding of pin-jointed
structures. Hanaor [6] proposed the flexibility method for designing the prestress
of prestressable structures. Pellegrino [12] was the first who applied the Singular
ValueDecomposition technique (SVD) on the equilibriummatrix of the structure and
reached the independent self-stress modes and the inextensible displacement modes.
In [20], the authors developed the force density method, that originally proposed by
Linkwitz and Schek [9] for cable nets, and extended its application to cable domes.
Zhang et al. [21] applied the dynamic relaxation method with kinetic damping on the
form-finding of new tensegrity configurations. For cable domes with multiple self-
stress modes, such as Kiewitt dome, Xingfei Yuan et al. [19] modified the method of
SVDandproposed theDoubleSingularValueDecomposition technique (DSVD) that
can search for the optimal geometric configuration and the prestress distribution. In
[16], the authors proposed another double-SVD technique that performs the singular
value decomposition method on the equilibrium and force densities matrices in an
iterative algorithm to reach the feasible prestress of a unique configuration of the
structure by specifying an independent set of nodal coordinates. In [4], the authors
proposed an iterative method based on Newton-Raphson technique (NR) taking into
account the external loads to reach the feasible prestress distribution of cable domes.
They applied this technique on typical cable domes of Geiger and Keiwitt type. They
also extended the method to update the geometry of a new form of Geiger cable
dome with negative-Gaussian curvature, where the initial proposed geometry has no
self-stress state, and to achieve a final feasible geometry.

Despite all the above methods of form-finding, there is no method that is able to
directly control the configuration of the unfeasible geometry of tensegrity structures
such as the negative-Gaussian curvature cable domes. In addition to their aesthetic
view and stable structural behavior, the feasible geometry of this saddle-shape dome
should achieve a predefined configuration for some designing purposes. In other
words, the rise and sag of the positive and negative curves of the saddle surface respec-
tively, and the smoothness of the saddle-shape should be maintained at the end of the
form-finding process to satisfy the required design. Therefore, this paper proposes a
two-stage form-finding technique based on the SVD method, using a genetic algo-
rithm followed by a multidimensional constrained optimization to obtain a feasible
geometry of a cable dome with a predefined configuration. The configuration of the
dome is controlled using a NURBS surface to maintain a smooth layout of the struts’
elevation under given rise and sag. The proposed method is applied on a saddle-
shape cable dome of Geiger type. However, it is applicable to other types of cable
domes such as Levy and Keiwitt. Also, it can be used to control the configuration
of the typical positive curvature cable domes when optimizing the structure under
frequency and stability constraints. This paper is organized as follows. Section 2
demonstrates the basic principles of the proposed form finding method. Section 3
proposes a two-stage optimization algorithm to solve the problem of form-finding.
Section 4 illustrates an example to verify the proposed method. Section 5 concludes
the results.
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2 Principles of the Form-Finding Procedure

2.1 The Feasible Prestress Basis Mode

The fundamental contributions ofmatrix analysis of pin-jointed tensegrities using the
SVD method are due to the work done by Pellegrino [12] and Tibert and Pellegrino
[15]. According to this method, for a d-dimensional (d = 2 or 3) cable dome with b
members and ns nodes (divideded into n free nodes and nf fixed nodes), its topology
can be expressed by the connectivity matrix Cs

(∈ R
b×ns

)
as illustrated in [17] and

using their notations. If member k connects node i and j, the ith and jth elements of
the kth row of Cs are set to 1 and −1, respectively.

Cs(k,p)

⎧
⎨

⎩

1
−1
0

for p = min(i, j)
for p = max(i, j)

otherwise
(1)

By numbering the free joints first, then the fixed joints, Cs can be divided into two
parts as follows:

Cs = [C Cf] (2)

Where C
(∈ R

b×n
)
and Cf

(∈ R
b×nf

)
describe the connectivity of the members to

the free and fixed nodes, respectively. The projected length of all members lx (∈ R
b),

ly (∈ R
b), and lz (∈ R

b) can be calculated using the following equations:

lx = Cx + Cfxf (3)

ly = Cy + Cfyf (4)

lz = Cz + Cfzf (5)

Where x, y, z (∈ R
n) and xf, yf, zf (∈ R

nf ) are the nodal coordinated for the free
and fixed nodes in x, y, z directions, respectively. The vector of length of all members
l (∈ R

b) can be calculated using:
By applying the equilibrium equations of the free nodes in each direction as in

[17] and [14], neglecting external loads at each node and self-weight, the equilibrium
matrix A (∈ R

dn×b) of the structure without considering the fixed nodes can be
calculated as follows:

A =

⎛

⎝
CTdiag(lx)
CTdiag(ly)
CTdiag(lz)

⎞

⎠L−1 (7)
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Where L (∈ R
b×b) = diag(l). The equilibrium equation of the structure in the

compact form is (Af = 0), where f (∈ R
b) is the vector of prestress in all members.

To solve the equilibrium equation and obtain the prestress of all members in the
structures, Pellegrino [12] applied the SVD on the equilibrium matrix:

A = UVWT (8)

WhereU (∈ R
dns×dns ) andW (∈ R

b×b) are the orthognalmatrices andV (∈ R
dns×b)

is a diagonal matrix of non-negative singular values of A in descending order. The
columns of matrix W can be expressed as:

W = [W1W2 . . . . . . Wr| f1 . . . .. fs] (9)

Where fj (∈ R
b, j = 1,2, …, s) are the s independent states of self-stress of the

dome which can be expressed as (s = b – r), where r is the rank of the equilibrium
matrix A.

The feasible geometry and, in turn, the feasible prestress of cable domes can’t be
achieved unless these conditions are satisfied a) symmetry condition of the prestress
distribution, b) unilateral condition of all elements, i.e., cables under tension and
struts under compression, c) equilibrium condition at each node, i.e., minimizing the
unbalanced prestress forces at all free nodes, and d) stability condition, i.e., positive
definite tangent stiffness matrix [17].

2.2 Equilibrium Requirement

In order to ensure that the feasible prestress of the dome satisfies the equilibrium
requirement, the euclidean norm of the unbalanced forces at all free joints, referred
to as the design error ε, should be less than a very small value according to the
desired level of accuracy. Tran et al. [17] recomends design error to be as small as
10–8, while Pellegrino [12] recommends a value of 10–3. After several try and errors
and comparing the results with similar structures, it’s worth noting that this number
highly affects the max displacement resulting from the nonlinear analysis under the
design level of presress. To maintain the max displacement of order 10−5 m when
applying a max prestress of order 107 N, the design error should be kept below 10–7.
Then, the objective function of the form-finding algorithm is to minimze ε which is
the euclidean norm of the unbalanced force vector [Af] as follows:

ε = ‖Af‖2 =
√

(Af)T(Af) ≤ 10−7 (10)
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2.3 Stability Requirement

After obtaining the feasible geometry of the dome, the stiffness matrix should be
checked for stability. This can be done in two cases: 1) If the force density matrix
D is positive semi-definite regrdless of the properties of sections nor the level of
prestress, 2) If not, the eigenvalues of the tangent stiffness matrix KT should be
positive and in a descending order. A detailed description of this requirement is
shown in [11]. The force density matrix D (∈ R

n×n) and the tangent stiffness matrix
KT (∈ R

dn×dn) can be calculated using the following equations [20]:

D = CTQC (11)

KT = KE + KG (12)

KE = (A)diag(
EkAk

lk
)(A)T (13)

KG = Id ⊗ D (14)

Where Q = diag(f) L−1, KE and KG are the linear and geometric stiffness matrix
respectively, Id (∈ R

d×d) and ⊗ are the unit matrix and tensor product, respectively,
and Ek, Ak, lk are the youngmodulus, cross sectional area and length of all bmembers
in the dome.

3 Numerical Form Finding Algorithm

The aim of the numerical algorithm is to find a feasible geometry with a predefined
configuration of a saddle cable dome. The predefined configuration involves the
arrangement of cables and struts, the rise and sag values of the positive and negative
curves, repectively, comprising the outer surface and their span lengths, and the
lenght of all struts. The numerical algorithm is supposed to find the appropriate
elevation of all struts that leads to a feasible geometry with at least one self-stress
state. However, employing the elevation of struts directly as the variables of the
optimization algorithm may lead the algorithm to fall in a local minimum and lose
control over the curvature of the developed surface. Therefore, this study proposes a
two-stage algorithm; the first stage is a global optimization technique (a Real-coded
Genetic algoritm, RCGA) that searches the landscape of the objective function and
deliver the optimum solution to the second stage. The second stage, in turn, is a
local optimization technique (a multidimensional constrained optimization using
Sequential Quadratic Programming, SQP) aims at enhancing the accuracy of the
optimum solution. The proposed algorithm takes the advantage of the randomicity,
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rapidity and wholeness of the genetic algorithm and the high accuracy of the SQP
algorithm. Moreover, this method employs the control points of a NURBS surface,
which passes through the higher points of struts, as the variables of the first stage.
This surface provides adequate control on the shape of the saddle dome and ensures
that RCGAwill not fall in a local minimum. The proposed numerical model invovles
interaction between aNURBS surface, a Genetic algorithm, and SQP algorithm. This
section provides a brief description of each tool, the interaction between the various
components, and the sequence of solution.

3.1 NURBS Surface

The saddle surface (negative-Gaussian curvature) can bemathematically represented
by sweeping two curves on each other as shown in Fig. 1(b). One of the two curves
has a negative curvature (K1 = −ve), while the other has a positive curvature (K2

= +ve). The curvature of the developed surface at any point (K = K1 K2) should
be negative. The two curves can be easily represented by two parabolas resulting in
a hyperbolic paraboloid surface. However, the feasibility of the developed surface
cannot be achieved in saddle cable domes. Also, representing the two curves with
a pth polynomial has many limitations and disadvantages. If such polynomial is
used, the independent variables employed in the optimization algorithm would be
the polynomial coefficients, which have no physical meaning. In this study, two
NURBS curves are used to represent the surface. NURBS are the abbreviations of a
Non-Uniform Rational Basis Spline. NURBS curves are piecewise polynomials that
can describe complex polynomials with lower-degree polynomials (Basis functions).
Also, the great advantage of handling such polynomials with some local control
properties makes NURBS curves adequate for most of shape optimization problems
[13]. The applications of the NURBS curves can also be extended to the structural
optimization problems as in [7] or topology optimization as in [2]. A NURBS curve

Fig. 1 a Updating geometry using NURBS curve b Developed surface
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is the rational form of a B-spline curve and can be expressed as follows:

C(t) =

∑n
i = 0 Ni,p(t)wiPi∑n
i = 0 Ni,p(t)wi

=
∑n

i = 0
Ri,p(t)Pi (15)

where

Ri,p(t) = Ni,p(t)wi∑n
j = 0 Nj,p(t)wj

(16)

Ri,p(t) are the piecewise rational basis functions of the NURBS curve, wi is the
weight of the control point Pi and must be a non-negative real number. The weights
give the NURBS curve more freedom to generate a large variety of shapes. Ni,p(t)
are the same basis functions of the non-rational B-spline curve given by:

Ni,1(t) =
{
1 if ti ≤ t ≤ ti + 1

0 otherwise
(17)

Ni,p(t) = t − ti
ti+p+1 − ti

Ni,p−1(t) + ti+p − t

ti+p − ti+1
Ni+1,p−1(t) (18)

Where p (degree+1) is the order of B-spline curve, and [t0, t1, …, tn+p] is the knot
vector that represents the distribution of the parameter t along the curve. The relation
between the order of the curve p, the number of control points n+ 1, and the number
of knots m + 1 is given by (m = n + p).

After several try and errors, the NURBS curves used in this study are of order 3
and each of them has 4 control points as shown in Fig. 1(a). The knot vector that
represents the t parameter is [0, 0, 0, 0. 5, 1, 1, 1] as discussed in details in [18]. It
is worth noting that increasing the number of control points than 4 points causes the
optimization algorithm to diverge. Moreover, choosing a NURBS curve of order 4
restricts the freedom of the curve and causes the optimization algorithm to hardly
capture the optimum solution. The lower/upper bound of weights wi and coordinates
(xi, yi) of the control points of the NURBS curves are shown in Table 1 where ax
and by are half-spans of the negative and positive curves, respectively, while fx and
fy are their corresponding sag and rise values.

3.2 Real-Coded Genetic Algorithm

Using the direct search method with different starting points can easily prove that the
objective function, i.e., the design error, has many local minima. Therefore, a global
optimization algorithm is needed to ensure that the algorithm will not be trapped in
a local minimum. Based on the above, real-coded Genetic algorithm is selected in
the current study to minimize the design error.
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Table 1 The lower/upper bound of weights and coordinates of the control points of the NURBS
curves

Control point Pi (xi, yi,
wi)

Fixed values Variables

Lower bound Upper bound

Positive curve P1-P (0, 0, 1)

P2-P (0, 0, 0) (by, 0, 2)

P3-P (xi (P2-P), −fy * xi(P3-P)/by,
0)

(by, 0, 2)

P4-P (by, −fy, 1)

Negative curve P1-N (0, 0, 1)

P2-N (0, 0, 0) (ax, 0, 2)

P3-N (xi (P2-N), 0, 0) (ax, fx * xi(P3-N)/ax, 2)

P4-N (ax, +fx, 1)

The real-coded Genetic algorithm is a variant of the traditional Genetic algorithm
in which the design variables are employed directly instead of encoding them into a
binary string. The algorithm uses some mutation and crossover operators to handle
the variables. Themutation operators allow searching in remote areas of the objective
function landscape. In this study, the mutation operators used are boundarymutation,
non-uniform mutation, and uniform mutation. The crossover operators produce new
populations from the parent population having good objective function values. This
study uses arithmetic, uniform, and heuristic crossovers. A detailed description of
each operator can be found in [10]. The total number of instances (population size)
used in this algorithm is 100; 4 instances are applied for each of the boundary,
uniform and non-uniform mutation operators, and 2 instances are applied for each
of the arithmetic, uniform and heuristic crossover operators.

3.3 Form-Finding Algorithm

As stated above, the form-finding algorithm is composed of two stages. The first stage
P1 is a real-coded GA, in which the variables are the location of the control points
of the two curves and their corresponding weights. The lower and upper bounds
of each variable along with the known parameters of the two curves are shown in
Table 1.

P1 =
⎧
⎨

⎩

minimize F(x) = ε

s.t.

{
fj> 0 (fj ∈ �c)

fk> 0 (fk ∈ �s)

(19)
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In which � denotes the total set of the initial self-stress forces, �c is the set of
the initial self-stress forces for cable members, and �s is the set of the initial self-
stress forces for strut members. fj and fk in Eq. (19) are the initial self-stress forces.
The constraints are implemented using a penalized objective function, in which a
penalty function is applied to the infeasible solutions that violate the constraints.
The penalized objective function with n constraints is given by:

Fp(X) = F(X)+
∑n

i = 1
αiδi (20)

where

{
δi= 1 if constraint i is violated
δi= 0 if constraint i is satisfied

Fp(X) is the penalized objective function, whereas the F(X) is the unpenalized
function, X is the design variables, αi is a certain suitable constant imposed for
violation of constraint i. This constant can be static or dynamic and can be estimated
by performing a Monte Carlo simulation prior to the optimization step. In this study,
the value of the constant αi is assumed to be 106 for the two constraints (i.e., the
number of cables and struts not satisfying the unilateral conditions).

The second stage P2 starts with the results of the first stage and can be called
the (enhancement stage). This stage aims at further minimization of the design
error by changing the elevation of each group of struts by a value Zi (Zi ∈ [−0.1,
0.1]m, i = 1, 2,…, NG where NG is the number of groups of struts) away from the
optimum NURBS surface. The multidimensional constrained optimization (SQP)
implemented in MATLAB can efficiently obtain the optimum solution by specifying
the starting point properly (i.e., the solution of the first stage). P1 and P2 have the
same objective function and the same constraints, but the variables are different. Both
optimization algorithms are implemented in MATLAB. A detailed flow chart of the
two stages is shown in Fig. 2.

The feasible geometry obtained at the end of the form-finding process must be
checked for stability as described above. The level of prestress, i.e., themagnification
factor of the basis of prestress fj (∈ R

b, j = 1, 2, …, s), and the cross sectional
properties should be assigned properly to check the tangent stiffness matrix of the
feasible geometry. The eigenvalues λi (i= 1, 2,…, dn) of the tangent stiffness matrix
should be positive and in a descending order.

4 Numerical Example

To verify the effeciency of the proposed method, a saddle Geiger dome in [5], shown
in Fig. 3(a), was selected for the form-finding problem. This study sets target sag and
rise values of 8.7 and 11.3 m, respectively, to match with the results of the selected
dome. The dome is circular with diameter of 100 m. The difference between the
highest and lowest point of the outer beam is 20 m. Ridge cables are arranged every
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Fig. 2 Flow chart for the two stages form-finding algorithm of a saddle dome

Fig. 3 a 3-D view of the saddle dome example b Numbering of joints and members

30°. Struts’ lengths are 4.5, 6, 7, and 8.5 m arranged from the inner hoop to the outer
hoop. The control points and their corresponding weights of the optimum NURBS
curves obtained from the first stage are shown in Table 2. The fitness values of the
objective function of the first stage, shown in Fig. 4(a), indicate the convergence of
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Table 2 Location (xi and yi in m) and weights wi of control points of the optimum solution of GA

xi yi wi xi yi wi

Negative curve P1-N 0.00 0.00 1.00 Positive curve P1-P 0.00 0.00 1.00

P2-N 4.24 0.00 1.46 P2-P 4.94 0.00 0.84

P3-N 32.65 4.06 1.19 P3-P 32.20 −6.78 0.68

P4-N 50.00 8.70 1.00 P4-P 50.00 −11.30 1.00

Fig. 4 Fitness values of a P1 (GA) b P2 (SQP)

GA after 300 generations, while in Fig. 4(b), the convergence of the second stage
was achieved after 30 iterations. The design error achieved at the end of form-finding
was about (2.5903× 10–7) which proves the efficiency of the algorithm. Meanwhile,
the design error resulting from the first stage only was about (3.2 × 10–3) which
indicates that the second stage was able to enhance the accuracy of the feasible
prestress obtained from this algorithm. The obtained feasible geometry is shown in
Fig. 3(b) and z-coordinates of the higher joints of the struts at the end of form-finding
are tabulated in Table 3. It is worth noting that the predefined rise and sag values
are maintained during the form-finding process which is considered as a remarkable
advantage of the proposed method compared to other methods in the literature.

The base prestress fm obtained is shown in Table 4, where m is the total number
of groups of cables and struts (47 group of cables + 16 groups of struts). The base
prestress is scaled to the prestress of member 35 and magnified by 1 × 107 N to

Table 3 z-coordinates of the higher joints of struts in the final feasible geometry.

Joint z (m) Joint z (m) Joint z (m) Joint z (m)

1 0.0560 9 −0.1034 17 0.0139 25 −0.0644

3 1.4952 11 −2.2954 19 0.3833 27 −1.3863

5 3.2879 13 −5.2158 21 0.6478 29 −3.1815

7 5.7500 15 −8.2964 23 1.1798 31 −4.9337
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Table 4 Base prestress (fm) of cables and struts (×107 N)

m fm m fm m fm m fm m fm m fm m fm

1 0.521 11 0.670 21 0.061 31 0.056 41 0.148 51 −0.001 61 −0.044

2 0.580 12 0.722 22 0.085 32 0.026 42 0.100 52 −0.019 62 −0.035

3 0.663 13 0.058 23 0.060 33 1.000 43 0.102 53 −0.056 63 −0.019

4 0.721 14 0.078 24 0.029 34 1.002 44 0.100 54 −0.046

5 0.063 15 0.054 25 0.520 35 1.000 45 0.044 55 −0.025

6 0.090 16 0.025 26 0.580 36 0.109 46 0.046 56 −0.019

7 0.065 17 0.517 27 0.656 37 0.109 47 0.045 57 −0.026

8 0.031 18 0.574 28 0.706 38 0.109 48 −0.019 58 −0.023

9 0.526 19 0.650 29 0.058 39 0.147 49 −0.004 59 −0.014

10 0.590 20 0.702 30 0.080 40 0.150 50 −0.002 60 −0.019

Table 5 The lowest 10 eigenvalues of KT in ascending order (×104)

0.54 1.72 2.37 3.74 3.82 3.95 5.25 6.85 7.34 8.21

satisfy the load carrying capacity of the dome. The tangent stiffness matrix KT,
formed using the magnified prestress and the same cross sections of the reference
dome, is symmetric positive definite and its lowest 10 eigenvalues in ascending order
are shown in Table 5. A nonlinear analysis using SAP2000 is performed by applying
the scaled prestress only on cables and struts resulting in a max displacement of
2.2944 × 10–6 m, while in the reference example the max displacement was 4 ×
10–5 m. All requirements of feasibility stated above are achieved for the geometry
and obtained from the proposed form-finding method. This proves the efficiency and
robustness of this algorithm in controlling the form-finding of saddle cable domes
to a predefined sag and rise values. On the other side, the max displacement of
the feasible geometry under self-weight is 0.1489 m which can be minimized by a
structural optimization for the cross-sectional properties of all elements subject to
strength and stability requirements.

5 Conclusion

This paper proposes a form-finding algorithm for cable domes with negative-
Gaussian curvature with predefined sag and rise values. The algorithm consists of
two stages based on a GA optimization as a first stage and a constrained local opti-
misation as a second stage. The objective function of the two sages is the design
error of the base prestress obtained using SVD technique. A numerical example of
a saddle cable dome of Geiger type is employed. The convergence of the proposed
algorithm and the feasibility of the obtained geometry are checked and discussed in
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details, proving the efficiency and robustness of the proposed method. The proposed
algorithm can be applied on other forms of cable domes. However, a structural opti-
mization might be needed for optimizing the distribution of the cross sections in
order to minimize the displacement under the design and service loads.
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References

1. Albertin A, Malerba PG, Pollini N, Quagliaroli M (2012) Prestress optimization of hybrid
tensile structures. In: Bridge maintenance, safety, management, resilience and sustainability:
proceedings of the sixth international IABMAS conference

2. CostaG,MontemurroM,Pailhès J (2019)NURBShyper-surfaces for 3D topologyoptimization
problems. Mech Adv Mater Struct 28(7):665–684

3. Geiger DH, Stefaniuk A, Chen D (1986) The design and construction of two cable domes for
the Korean Olympics. In: Proceedings of the IASS symposium on shells, membranes and space
frames

4. Guo J, Jiang J (2016) An algorithm for calculating the feasible pre-stress of cable-struts
structure. Eng Struct 118:228–239

5. Guo J, ZhuM (2016) Negative Gaussian curvature cable dome and its feasible prestress design.
J Aerosp Eng 29(3):04015077

6. Hanaor A (1988) Prestressed pin-jointed structures—flexibility analysis and prestress design.
Comput Struct 28(6):757–769

7. Hassan MM, Nassef AO, El Damatty AA (2012) Determination of optimum post-tensioning
cable forces of cable-stayed bridges. Eng Struct 44:248–259

8. Levy MP (1994) The Georgia Dome and beyond: achieving lightweight-longspan structures.
In: Spatial, lattice and tension structures

9. Linkwitz K, Schek H-J (1971) Einige bemerkungen zur berechnung von vorgespannten
seilnetzkonstruktionen. Ingenieur-Archiv 40(3):145–158

10. Michalewicz Z, Fogel DB (2013) How to solve it: modern heuristics. Springer, Heidelberg
11. Ohsaki M, Zhang J (2006) Stability conditions of prestressed pin-jointed structures. Int J

Non-Linear Mech 41(10):1109–1117
12. Pellegrino S (1993) Structural computations with the singular value decomposition of the

equilibrium matrix. Int J Solids Struct 30(21):3025–3035
13. Pourazady M, Xu X (2000) Direct manipulations of B-spline and NURBS curves. Adv Eng

Softw 31(2):107–118
14. Quagliaroli M, Malerba PG, Albertin A, Pollini N (2015) The role of prestress and its

optimization in cable domes design. Comput Struct 161:17–30
15. Tibert AG, Pellegrino S (2003) Review of form-finding methods for tensegrity structures. Int

J Space Struct 18(4):209–223
16. Tran HC, Lee J (2013) Form-finding of tensegrity structures using double singular value

decomposition. Eng Comput 29(1):71–86
17. Tran HC, Park HS, Lee J (2012) A unique feasible mode of prestress design for cable domes.

Finite Elem Anal Des 59:44–54
18. Yanase K (2017) A gentle introduction to isogeometric analysis: part 2 NURBS curve and

surface. Fukuoka Univ Rev Technol Sci 99:1–8
19. Yuan X, Chen L, Dong S (2007) Prestress design of cable domes with new forms. Int J Solids

Struct 44(9):2773–2782



394 E. Ahmed et al.

20. Zhang JY, Ohsaki M (2006) Adaptive force density method for form-finding problem of
tensegrity structures. Int J Solids Struct 43(18–19):5658–5673

21. Zhang L, Maurin B, Motro R (2006) Form-finding of nonregular tensegrity systems. J Struct
Eng 132(9):1435–1440



Experimental Testing of the Shear
Strength of CLT-Concrete Composite
Sections Utilizing Screws as Shear
Connectors

Osama Sam Salem and Vikram Virdi

1 Introduction

Cross-laminated timber (CLT) is a proprietary mass timber product that is
prefabricated using wood laminations arranged in alternating perpendicular layers
(commonly ranging from 3 to 9) with the outer layers oriented in the direction of
the major strength axis. CLT is advantageous to manufacture as the finished product
has more desirable mechanical properties than those of the individual lamination.
The latest National Building Code of Canada [3] is now allowing wood as the
primary material in the construction of up to twelve-storey buildings, which will
result in an enduring increase in the application of mass timber sections. Evidently,
it can be demonstrated that with the technical information and documentations that
recently have been developed, new timber buildings such as those made of glued-
laminated timber (glulam) framing systems that are supporting CLT floor panels
can be designed to successfully achieve the limit state design requirements for both
strength and serviceability. Accordingly, several tall buildings made primarily of
timber are increasingly being constructed worldwide. Floor systems in such build-
ings can even be made stronger and span longer distances to allow designers greater
versatility in terms of floor plan and to promote open concept design inmodern build-
ings by adding a top layer made of concrete. Addition of a concrete layer can allow
the formation of Timber-Concrete Composite (TCC) floor system if adequate shear
connections can be developed. In such floor composite systems, the advantageous
mechanical properties of both materials (timber and concrete) are efficiently utilized
and thus, several advantages can be achieved for a more robust floor system. Among
the several advantages of utilizing TCC floor systems are greater strength, durability,
and better acoustics and vibration performance characteristics [12].
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TCC floor systems are developed by creating adequate shear connections between
the timber section carrying the tensile forces and the concrete layer carrying the
compressive forces. The composite action and behaviour of such system is defined
mainly by the rigidity of the shear connections between the two materials. The
primary technique for shear connections in TCC systems is a wide variety of metal
connectors [8], grooved connections [9], or adhesive connections [10]. Strength and
stiffness of TCC sections can be determined using the Mechanically Jointed Beams
Theory (gamma-method) from Annex B of Eurocode 5 [6], especially when consid-
ering conventional floor systems where the span is at least 25 time the depth of the
section [2]. While the design of TCC sections with the use of various mechanical
shear connectors is well addressed in different design codes in the EU, there are no
provisions in the current Canadian standard for Engineering design in wood [4] for
their design. The only design guide that recently became available for engineers in
Canada is theDesignGuide for Timber-ConcreteCompositeFloors inCanada, which
provides guidance for the design of TCC systems in ambient and fire conditions [5].

The study presented in this paper aimed to experimentally investigate the shear
characteristics of medium-size CLT-Concrete composite sections that utilize metal
screws as shear connectors. Two study parameterswere considered, the screw spacing
(150 and 200 mm) and the number of screw rows within the width of the composite
section (two and three rows).

2 Experimental Program

The shear characteristics of CLT-Concrete composite sections that utilized metal
screws as shear connectors have been investigated throughout the experimental
program of the study presented in this paper. Two study parameters were consid-
ered, the screw spacing (150 and 200 mm) and the number of screw rows within
the width of the composite section (two and three rows). A total of eight composite
sections, each with 600 × 1000 mm shear interface between the CLT panel and the
concrete layer, were experimentally examined under direct shear forces until failure.
Four composite sections were tested at concrete age of 14 days, while the other four
duplicated sections were tested at 28-day concrete age.

2.1 Materials

2.1.1 CLT Panels

The 3-ply CLT panels utilized in the composite sections were cut to 600 mmwide×
1200 mm long with the external laminations oriented in the longitudinal direction of
the test specimen. The CLT panels were all made of spruce-pin-fir (S-P-F) planks.
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Table 1 Mechanical
properties of CLT panels
(adopted from Nordic
Structures [11])

Property Allowable strength (MPa)

Comp. parallel to grain 19.3

Comp. perp. to grain 5.3

Tension parallel to grain 15.4

Modulus of elasticity 11,700

Shear modulus 731.25

Table 2 Mechanical
properties of self-tapping
screws (adopted from ICC-ES
Evaluation report [7])

Property Allowable strength (MPa)

Bending strength 1175.0

Tensile strength 1298.0

Shear strength 881.0

The principle mechanical design properties of the CLT panels in the longitudinal
direction as provided by the supplier [11] are listed in Table 1.

2.1.2 Self-Tapping Screws

The self-tapping screws (STS) utilized in the sections were made of 8-mm diameter
rugged structural steel screwswith 100mmlength. The screwsweremadeof specially
hardened steel to provide greater torque, tensile, and shear strengths. In comparison
to regular screws or nails, the employed STS were designed with special thread that
helped in enlarging the screw hole to allow easy penetration inwoodwithout the need
of pre-drilled holes, which also increases the withdrawal resistance of the screws.
Themechanical properties of the utilized screws as per the ICC-ES Evaluation report
[7] are provided in Table 2.

2.1.3 Concrete

The targeted compressive strength of the concrete required for the 50-mm thick
concrete layer of the composite sections was 30 MPa. Accordingly, a concrete mix
that is composed of 300 kg (40%) fine aggregate; 300 kg (40%) coarse aggregate;
90 kg (12%) cement; and 60 kg (8%) water was prepared to cover the amount of
concrete required for the eight test specimens (total concrete volume of 0.288 m3).
Total of six cylinders were prepared from the concrete mix to determine the actual
compressive strength of concrete after 14 days (3 cylinders) and 28 days (3 cylinders)
from the concrete casting time.
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2.2 Fabrication Process and Tests Assemblies Details

After cutting down the CLT panels needed for the composite sections to their final
dimensions (600 mmwide× 1200 mm long) the STS were installed in four different
patterns based on the number of rows (two or three rows along the width of the
section) and the spacing between screws along each row (150 and 200 mm). Each
different test specimen was duplicated to allow testing one specimen at 14-day and
the other at 28-day concrete age. Table 3 shows the test matrix of the study presented
in this paper.

In sections A and B that utilized two rows of screws, a 100 mm edge distance was
left on both sides of the 600 mm width of the CLT panel, which allowed a 400 mm
middle spacing between the two rows of screws. Whereas in sections C and D that
utilized three rows of screws, each of the side rows had only 50 mm edge distance
and 250 mm intermediate spacing with the middle row. The STS were driven into
the CLT panels at 45° angle of inclination with the panel top surface. Most of the
screw length (100 mm) was driven into the CLT panel keeping the screw head at
25 mm distance perpendicular to the panel top surface (50% of the concrete layer
thickness). At each screw junction, there were two screws driven into the CLT and
inclined in two opposite directions along the longitudinal direction of the panel, as
shown in Fig. 1.

After installing the required number of STS in each CLT panel, cut-off strips of
plywood were attached to the CLT panel to build a formwork that was used to allow
casting the 50-mm thick concrete layer of the composite section. The formwork was
designed to allow a CLT-Concrete interface area of 600 mm wide × 1000 mm long
with a 200-mm overhang in each of the concrete layer and the CLT panel with respect
to each other at the two opposite ends in the longitudinal direction of the composite
section, as shown in Fig. 1. The development of the said overhangs was mainly to
allow the load application solely on the top end of the CLT panel while the entire
composite section is supported solely on the bottom end of the concrete layer (see
Sect. 2.3 for test setup details).

Before pouring the concrete, the prepared CLT panels were laid down and leveled
on the floor. Concrete was evenly spread over the CLT panel, around the screw
junctions, along the edges and in the formwork corners. After the poured concrete
reached slightly higher level than the top edges of the formwork, it wasmade sure that
the concrete surface was levelled and flushed with the top edges of the formwork

Table 3 Test matrix including all eight CLT-Concrete composite sections

Composite
section ID

Number of screw
rows

Spacing between
screws (mm)

Number of
replicates

Number of screw
junctions

A 2 200 2 10

B 2 150 2 14

C 3 200 2 15

D 3 150 2 21
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Fig. 1 CLT panel with STS and concrete formwork installed

using a magnesium float to ensure the 50 mm thickness required for the concrete
layer.

To maintain the temperature and dampness for proper curing, the poured concrete
layers were watered and covered with polyethylene sheeting for the first seven days
of the concrete age. However, the formworks were removed after only two days of
pouring the concrete, as shown in Fig. 2.

Fig. 2 CLT-Concrete composite sections after removing formworks
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2.3 Test Setup and Procedure

To allow the load application solely on the top end of the CLT panel while the entire
composite section is supported solely on the bottom end of the concrete layer as
well as to restrain the test specimen against any lateral or transversal displacement,
a strong steel supporting rig was designed and fabricated. The supporting rig was
then placed on top of a strong, long bottom steel girder within the Universal Testing
Machine (UTM) accommodated in the Civil Engineering’s Structures Laboratory
at Lakehead University. Before sliding the supporting rig to be positioned between
the upper and lower crossheads of the UTM, the heavy CLT-Concrete composite
test specimen was aligned in a vertical orientation into the supporting rig using an
overhead crane. After the top end of the CLT panel of the test specimen was centered
under the upper crosshead of the UTM in both lateral and transversal directions,
displacement transducers were installed on the specimen. Two linear variable differ-
ential transformers (LVDTs) were attached to the left- and right-side edges of the
CLT panel (namely LVDT-1 and LVDT-2) with their rods were bearing against little
steel brackets that were glued to the left- and right-side edges of the concrete layer,
respectively. The two LVDTs were utilized to continuously measure the relative slips
between the CLT and concrete layer near the left- and right-side edges of the test
specimen during loading. Figure 3 illustrate the test setup for a general test spec-
imen placed within the UTM with both LVDTs installed. After the initial readings
of the installed LVDTs were checked, the load was applied gradually at a rate of
8.0 kN per minute. The relatively slow rate of loading was deliberately chosen to
avoid unnecessary premature cracks in the concrete that would have developed due
to faster application of the load. Also, force-controlled loading (kN/min) instead of
displacement-controlled loading (mm/min) was deliberately selected due to the same
preventative measure of not loading the test specimens too quickly.

3 Results and Discussion

3.1 Concrete Cylinder Tests

To verify the targeted compressive strength for the concrete mix, which is 30 MPa,
cylinders with 14-day and 28-day concrete age were tested for their actual compres-
sive strength using the same UTM. The compressive strength tests were performed
according to ASTM C39/C39M-20 standard for concrete cylinder tests [1]. The
average compressive strength attained by the three cylinderswith the 14-day concrete
age was 23.1 MPa, while the average strength attained by the other three cylinders
with the 28-day concrete age was 29.98 MPa. All concrete cylinders exhibited cone
failure.
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Fig. 3 Test setup for a
general test specimen with
instrumentation installed

3.2 CLT-Concrete Composite Section Tests

Figure 4 shows the load–displacement relationships developed using the measure-
ments of the installed LVDTs against the loads applied by the UTM for the four
CLT-Concrete composite sections that employed two rows of screws with 200 and
150 mm screw spacings. The ultimate load attained by the sections with 200 mm
screw spacings and concrete of 14- and 28-day age is 131 and 180 kN, as shown in
Fig. 4(a) and (b), respectively. While for the sections with the smaller screw spacings
(150 mm), the ultimate load was increased to 225 and 234 kN for the sections with
concrete of 14- and 28-day age, respectively, Fig. 4(c) and (d).

Figure 5 shows the load–displacement relationships for the four CLT-Concrete
composite sections that employed three rows of screws with 200 and 150 mm screw
spacings. The ultimate load attained by the sections with 200 mm screw spacings
and concrete of 14- and 28-day age is 225 and 239 kN, as shown in Fig. 5(a) and (b),
respectively. While for the sections with the smaller screw spacings (150 mm), the
ultimate load was increased to 258 and 287 kN for the sections of concrete of 14-
and 28-day age, respectively, Fig. 5(c) and (d).
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Fig. 4 Load–displacement relationships for composite sections that utilized two rows of screws
with 200 and 150 mm screw spacings at 14- and 28-day concrete age

Table 4 summaries the test results of all eight CLT-Concrete composite sections
experimentally examined in the study presented in this paper.

3.3 Effect of Concrete Age on the Ultimate Load
of the Composite Sections

Comparing Fig. 4(a) and (b), the ultimate load of the sections that utilized two rows
of screws with the larger screw spacings (200 mm) increased by approximately
37% because of the increase in the compressive strength of concrete due to longer
curing time (28 days vs 14 days). Whereas this increase in the ultimate load was
negligible for similar sections that utilized two rows of screws but with the smaller
screw spacings (150 mm), as it was determined at approximately 4% only, Fig. 4(c)
and (d).
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Fig. 5 Load-displacement relationships for composite sections that utilized three rows of screws
with 200 and 150 mm screw spacings at 14- and 28-day concrete age

Table 4 Tests results for all eight CLT-Concrete composite sections

Composite
section ID

Number of screw
rows

Spacing between
screws (mm)

Concrete age
(days)

Maximum load
(kN)

A 2 200 14 131

A 2 200 28 180

B 2 150 14 225

B 2 150 28 234

C 3 200 14 225

C 3 200 28 239

D 3 150 14 258

D 3 150 28 287
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Comparing Fig. 5(a) and (b), the ultimate load of the sections that utilized three
rows of screws with the larger screw spacings (200 mm) increased marginally by
approximately 6% after 14 days additional of concrete curing time (28 days vs
14 days). Whereas this increase in the ultimate load was slightly more noticeable for
similar sections that utilized three rows of screws but with the smaller screw spacings
(150 mm), as it was determined at approximately 11%, Fig. 5(c) and (d).

3.4 Effect of Number of Screw Rows on the Ultimate Load
of the Composite Sections

From Fig. 5(a) and (b), the ultimate load attained by the sections that utilized three
rows of screws with the larger screw spacings (200 mm) increased by approximately
72% and 32% compared to similar sections with the same larger screw spacings but
utilized only two rows of screws with 14- and 28-day concrete age, respectively,
as shown in Fig. 4(a) and (b). Whereas this increase in the ultimate load was less
for similar sections that utilized three rows of screws but with the smaller screw
spacings (150 mm), as it was determined at approximately 15% and 22% compared
to similar sections with the same smaller screw spacings but utilized only two rows
of screws with 14- and 28-day concrete age, respectively, as shown in Fig. 4(c) and
(d) in comparison to Fig. 5(c) and (d).

3.5 Effect of Screw Spacings on the Ultimate Load
of the Composite Sections

Comparing Fig. 4(c) and (d) with Fig. 4(a) and (b), the ultimate load attained by the
sections that utilized two rows of screws with the smaller screw spacings (150 mm)
increased by approximately 72% and 30% compared to similar sections that utilized
two rows of screws but with the larger screw spacings (200 mm) and 14- and 28-
day concrete age, respectively. Whereas this increase in the ultimate load was less
for similar sections with the smaller screw spacings (150 mm) but utilized three
rows of screws, as it was determined at approximately 15% and 20% compared to
similar sections that utilized three rows of screws but with the larger screw spacings
(200 mm) and 14- and 28-day concrete age, respectively, as shown in Fig. 5(c) and
(d) in comparison to Fig. 5(a) and (b).
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(a) (b)

Fig. 6 Failure modes of the composite sections that utilized two rows of screws, a with the larger
screw spacings (200 mm); b with the smaller screw spacings (150 mm)

3.6 Failure Modes

In the CLT-Concrete composite sections that utilized two rows of screws, the failure
started with the development of a longitudinal crack in the concrete layer along one
of the two rows of screws, as shown in Fig. 6(a). This crack propagated further and
separated one edge of the concrete layer in the composite sections with the smaller
screw spacings (150 mm), as shown in Fig. 6(b).

While in the composite sections that utilized three rows of screws, the failure
started with a longitudinal crack that was developed at both sides of the concrete
layer. The side crack was aligned longitudinally with the locations of the screw heads
impeded at the middle of the thickness of the concrete layer, as shown in Fig. 7(a).
Afterwards, those side cracks propagated laterally towards the sides and caused the
concrete layer to separate from the CLT section after the concrete surrounding the
screw junctions along the side rows of screws was damaged, as shown in Fig. 7(b).
This failure can be attributed to the small edge distance between the side row of
screws and the respective side of the concrete layer.
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(a) (b)

Fig. 7 Failure modes of the composite sections that utilized three rows of screws with the smaller
screw spacings (150 mm), a shortly before failure; b at failure

4 Conclusions and Recommendations

Based on the results obtained from this experimental study on the shear strength of
CLT-Concrete composite sections, the following conclusions can be drawn.

– The shear strength of the composite sections of 28-day concrete age increased by
a minimum of 4% and 6% compared to that of the respective sections of 14-day
concrete age that utilized two and three rows of screws, respectively.

– The shear strength increased by slightly less increments when the screw spac-
ings reduced from 200 to 150 mm compared to those increments attained due
to increasing the number of screw rows from two to three along the composite
section width.

– Composite sections that utilized three rows of screws exhibited more cracks in
both longitudinal and lateral directions compared to those that utilized two rows
of screws which exhibited only longitudinal cracks along one of the screw rows.
This is mainly attributed to the less number of screw junctions in the sections with
two rows of screws.

– CLT-Concrete composite sections exhibited considerable shear strength with a
maximum failure load of 287 kN attained by the specimen that utilized three rows
of screws with the smaller screw spacings (total of 21 screw junctions), while the
specimen that utilized two rows of screws with the larger screw spacings (total of
10 screw junctions) failed at only 180 kN.
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– Either reducing the screw spacings from 200 to 150 mm or increasing the number
of screw rows from two to three rows increases the shear strength of the CLT-
Concrete composite sections almost equally. However, increasing the number of
screw rows is recommended since it is not only increasing the shear strength of the
composite sections with slightly greater increments but also allow more uniform
distribution of the shear stresses along the width of the composite section.
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Bridgebase: A Knowledge Graph
Framework for Monitoring and Analysis
of Bridges

Kunal Tiwary, Sanjaya Kumar Patro, and Bibhudatta Sahoo

1 Introduction

Computing devices are commonly used for analyzing and processing large-scale
knowledge. Knowledge Graph structures are needed to infer useful models and
provide a query framework (which could even support a question–answer based
system) over the models [11]. Knowledge graphs have proven its ability to represent
a huge data set in a more readable form than tabular representation or structured
data [10]. In this work, we exploit the features of the knowledge graph to essentially
monitor and do real-time analysis of bridges.

New bridges are constructed frequently whose maintenance is very essential and
its cost grows simultaneously. Some bridges are completely replaced or rehabilitated
due to monetary constraints which might be deficient in terms of budget, although
the condition of bridges is identified [9]. These situations lead to the initiatives of the
programs which can help us monitor and repair rather than rehabilitate. To perform a
deep study about the parameters related to performancedegradationprocedure related
to various structures, a sample distribution may be needed [9]. If similar groups are
identified correctly, the repair work of all such extensions can be performed at a
time optimally. Certain bridge structures need to be monitored based on a more cost-
effective approach. The information related to bridges (more than 6,00,000) in the
United States is stored in the National Bridge Inventory (NBI) [6, 11]. The ASCE
report card issued every four years (issued last in 2017), has reported America’s
infrastructure as D+ , whose evaluation is based upon 16 different categories with
each category to be equally weighted. The grades have degraded from C+ (2013)
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to D+ (2017). A deficient competitive infrastructure can lead to an investment that
is equivalent to the GDP of Germany. Improving grades is directly related to better
investments at every level [2 GPA: D+ ). Clustering is a method to bring alike objects
together [8]. According to the strategies for the answer to this problem provided by
the ASCE report card, cluster analysis is adopted in this work. The problem arises
when there is a lack of labeled data (like which bridges are similar) or the data is
sparse.

Deepwalk is used to learn the latent representations of vertices in a network
by using a collection of random walks even in lesser labeled data [18]. Deepwalk
learns latent features of the nodes by searching similarities of the graph structure.
Further, the learned latent vectors could go through any clustering technique to
figure out similar vectors in n-dimension space. Deepwalk, could essentially convert
a knowledge graph node to a latent n-dimensional vector using the node connectivity
semantics (example—a common property node between two bridge nodes). The
node to vector latent conversion uses a set of random walks and then captures the
sequences of random walks to build an essential vocabulary. Deepwalk uses the built
vocabulary and skip-gram to build latent vectors. The major contributions of the
work done in this paper can be summarized as follows:

• Modeling of the NBI bridge data set to knowledge-graph, which structurally
captures the similar properties of bridges in terms of common knowledge graph
nodes.

• Using deepwalks to create bridge nodes latent vectors and then using the latent
vectors to figure out similar bridges using density-based clustering.

• Evaluating deepwalks efficiency in terms of captured featureswhile building latent
vectors in the presence of partial knowledge graphs using F1 scores.

The paper presents a knowledge graph approach to model the NBI data set
of bridges, which makes it efficient to create clusters of similar bridges by using
embeddings from deepwalk.

1.1 Literature Review

Bridges are highly sensitive with a lot of varying loads (dead load, live load, wind
load, etc.). The frequency of capturing these parameters makes it difficult to handle
the huge volume of data and take the decision in real-time. Wired and wireless
sensors are deployed in many long-span bridges that give more measurements for a
high volume of parameters every second [21]. Such huge data needs to be handled,
and monitoring of all such bridges with similar attributes needs attention. Typically
this involves building complexMachine Learning pipelines (which captures features
from the dataset and then learns a model from extracted features) to get useful
information in real-time [7, 18].

As presented in [9], a class of bridges is identified using a group of attributes found
in the national bridge inventory. Error in measurements and missing of labeled data
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is a very common phenomenon in real-time data or even in visual inspections. In
such a case where variance in data occurs, latent class clustering techniques prove
to be sensitive [15]. The formation of latent-vectors seems an already known mech-
anism, which auto-captures the essential features which could be then consumed by
a Machine Learning pipeline to give useful information in real-time. In literature,
unsupervised clustering was done to identify similar bridges and also the variety
of work by fuzzy c-mean clustering algorithms [20]. In [1], future bridge networks
were predicted for the planning of rehabilitation work by use of tensor factorization.
Similar algorithms from data mining have shown awide range of applications in civil
infrastructural systems for prediction of the condition rating classes in the National
Bridge Inventory (NBI) dataset [3]. The main problem that restricts these methods
is that these methods need to consider the entire dataset to make the pipeline work
(hence making them challenging for streaming applications). Also while consid-
ering the entire dataset when the volume of data gets exponentially high, it again
creates challenges in processing the high volume i.e.—efficient memory manage-
ment, complex feature engineering, etc. In this work, we try to create a system that
brings similar kinds of bridges together even with real-time data collection in a more
readable form. The work done in this paper models the NBI dataset into a knowledge
graph and then converts the bridge nodes into latent vectors even with the partial
knowledge graph (or a subset of knowledge graph). This makes the latent-vector
conversion more compute efficient for even processing streaming data.

2 Illustration of the NBI Data

The data which is utilized to build the knowledge graph is directly taken from the
Federal Highway Administration (FHWA) at the end of 2019 [6]. At first, this infor-
mational collection contained a total of 617,085 bridges.Also, the data can be directly
taken and utilized from [1] but in this work, we preferred data from the inventory.
There are two kinds of datasets available, elemental data and the whole data. The
performance, structural, and functional behavior is described by different variables
and is stored in the whole data of National Bridge Inventory. It includes variables
like the age of the structure, average daily traffic (ADT), condition ratings of deck,
substructure, and superstructure. These variables are recorded and stored in the inven-
tory under the specifications provided by FHWA [5]. The data available in the inven-
tory can be clearly understood by reading the coding guide. After analyzing thewhole
data, a rejection process is opted which helps to find the exact attributes needed to
monitor. The attributes chosen have a direct connection with the structural identity
and its performance.
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2.1 Description of the Variables

Variables are used to define either the structural performance of the bridge or for its
identification purposes. For brief information, the code can be directly referred to.

• Structure Number—It is a unique number designated to the structure and is used
for the identification of the structure in the graph.

• Year Built and Year Reconstructed—It represents the age of the structure with
respect to the current year.

• ADT and ADTT—ADT depicts the particular average daily volume of traffic
and ADTT represents the average daily volume of truck traffic.

• Design Load—It is the live load for which the structure has been designed.
• Structure Type—The first digit of which suggests the material type and the

second constitute the type of design. For example, the concrete slab is represented
by 11.

• Condition Ratings—It represents the condition of the structure and is rated
accordingly. It includes the ratings of the Deck, superstructure, substructure,
channel, culverts. If the rating is given “N”, it concludes that the particular rating
is not applicable for that structure.

• Structural Evaluation—It depicts the overall evaluation of the structure.
• Critical Feature Inspection—It denotes critical features, needed for special

inspection during monitoring. It includes underwater details, fracture-critical
inspection, and other inspections. The code “Y” suggests special attention, while
“N” denotes vice versa.

• Protective System—It broadly contains information on three categories, surface
type, membrane type, and deck protection.

3 Knowledge Graph

The knowledge graph comprises nodes (vertices) and relationships (edges) which
helps in linking objects to other objects of the same properties. In this work, we use
a graph database Neo4j for modeling of our data [17]. The prime work of Neo4j is
to create a knowledge graph and store it. The whole data was converted from a CSV
format to a knowledge graph format. Every individual bridge is a node in the graph
and it is connected to other nodes (attributes) by the characterized relationship. A
sub-plot of the original graph is presented in Fig. 1. There are three distinct bridges
(nodes) that are linked to their attributes likewise, they share some commonhighlights
which can be seen in the diagram. The plot contains 26 nodes in the graph among
which there are three bridge nodes and all are associated with distinct relationships.
These three bridges have the same culvert condition and consequently, the node is
common for all. Additional information about any node can be obtained by tapping
on it or by utilizing read clauses.
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In Fig. 1, the bridge nodes are represented by their structure number respectively.
The relationship between nodes are taken directly from the inventory and abbrevi-
ations are used (its details can be found in Table 1). For example, Bridge 1 which
contains a structure number as 00000000000S702, Inventory and its details can be
obtained from the coding guide.

3.1 Query System (for a Question Answer System)

Knowledge graph stored in Neo4j uses various clauses like, OPTIONAL MATCH
which is used to get all nodes likewise as per their labels or as per their relationships.
It returns null as a result of the missing parts of the pattern. For instance, the bridges
having a channel condition of 6 can be obtained as the first and third bridge according
to the NBI data. Similarly, a specific property can be searched and the respective
nodes are described or, counting of the number of rows, and also counting the group of
relationship types can be accomplished byWHERE andCOUNT clause respectively.
This also shows the capability of the knowledge graph to fill in as a question–answer
framework.

Likewise, the nodes obtained by use of OPTIONAL MATCH or WHERE or
COUNT based upon certain properties or labels can be then used to find clusters of
other bridges which are similar in features/properties. For example, ifB24, B56, B44,
B100 have a common property which needs attention. But this way of figuring out
bridge clusters is quite complicated and needs high human interference or attention
(as it needs to figure out commonalities between bridges manually).

4 Node Embedding Using Deepwalk

Once the data is modeled as a graph, Deepwalk does a set of random walks starting
from different bridge nodes to capture the relationship that each bridge node has with
its adjoining nodes. Each walk returns a sequence of a specific length. The length
of the random walk decides the number of times the process is repeated. Then a
network (as per skip-gram algorithm [18]) is trained to learn the relationships each
node has with its adjoining node. It’s one form of self-supervised learning wherein
modeling of a bridge node as a vector representation in terms of the relationships
it has with adjoining nodes is done. The whole graph is converted into a corpus
with every self-explanatory random walk sequence and the context defines it nearby.
For example, bridge B10 is facing a critical deck condition, and Bridge B23 also
faces the same, Deepwalk will transform node B10 and node B23 to close or near-by
vector space. Similarly, if node B210 and node B4 also have similar issues then the
closeness of nodeB210 and nodeB4 increases in vector space.Word2vec (which uses
the skip-gram approach) works on neural networks and converts word embeddings
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Table 1. Abbreviation

(randomwalk sequences in our case) to vectors. These vectors are represented in a n-
dimensional space and are not spread aimlessly. Each vector is positioned according
to some properties.

The word2vec understands the meaning of the whole system by replacing random
words in a context and thus learning to create a difference between real phrase and
corrupted phrase likewise, adjusting its weights. The vector space is created by a
set of random walks and learning the context by understanding the meaning of the
words used to create relationships. For example, Bridge B1 and B6 have the same
substructure and superstructure ratings but little different deck ratings, those bridges
are close to each other in terms of condition ratings.

To classify the most preferable node to be the neighbor for the current node,
Word2vec takes the whole problem as a classification problem. It feeds the input
sequence in a single layer neural network and the output contains a greater context
word (softmax). The entire method is called skip-gram [18]. It maximizes the proba-
bility of the occurrence of the neighboring vector, thus creating a map for the whole
context.

4.1 Streaming Advantages with Deepwalk

When the complete graph is absent or the knowledge is deficient, themodel is updated
bywalks of smaller lengths being passed to the learning code skip-gram. The learning
rate needs to be initialized to a lesser constant value because the original learning
rate is impossible when data is sparse. By doing this, the system takes more time to
understand but gives results which are important for analysis.

The general question being answered in the literature with such complex data
analysis algorithms is regarding similar bridges. The algorithms presented in [7]
provide results but need to be trained every time the new data comes in. A large
number of queries (What, if) can be fired in the proposed system which can be
answered in a fraction of second with a knowledge graph approach.

The flowchart representing thewholemethodology of the proposedwork is shown
in Fig. 2. Every time the user doesn’t need to execute commands inNeo4j to transform
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Fig. 1 Knowledge with 3
bridges

Fig. 2 Procedure of
proposed system

the bridge data or data in tabular form to a knowledge graph. It can be done when
the data is passed on to a python script—Tabular to Graph Converter (this script also
exposes a set of REST endpoints to be consumed by IoT devices or sensor gateways)
where certain libraries are referred, to convert new data from tabular form to graph
network. Neo4j then stores the data in a knowledge graph format which is used by
machine learning algorithms for clustering. The knowledge graph is then passed to
the Query engine (which is again a python script) where a set of random walks is
performed to learn vector representations and find the similarity between nodes by
using deepwalk. The query engine can also fire queries into Neo4j through which
read clauses can be passed. The Visualizer/Reporting engine makes API calls to
Intelligent Query Engine (IQE) which can return the desired results. The Visualizer
can ask for similar bridges around a property, similar properties or even multiple
bridge clusters around multiple properties. The IQE always pulls only the required
amount of data for processing and not all. This makes it highly scalable. In a nutshell
the Visualizer/Reporting tool provides the users an user interface using which the
users can execute queries and the IQE in the backend performs all the processing.
The last step of the whole monitoring process is not a continuous monitoring plan
rather an on demand task. Example of one such exposed API from Visualizer is
get_common_bridges which takes an array of properties like Channel Condition and
outputs common bridges by runningDeepwalk. So initially the IQEfigures out all the
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Fig. 3 Cluster formed taking 50 bridges

property nodes and then performs the Deepwalk from any of the bridges connected
from the same property node can be obtained.

5 Result Analysis

This section shows the performance of Deepwalk when compared to other clustering
algorithms considering the same dataset. A sample of 50 bridges was considered and
clusters were formed as shown in Fig. 3. A total of 617,085 can be considered for
clustering, but we only consider 50, making it more readable for the readers. Four
clusters of bridges are formed based on the node vectors formed from the computed
knowledge graph (NBI Data). B1 stands for the first bridge, B2 for the second and so
on. It is evident that B11, B15, and B18 do not lie in any cluster. When the complete
dataset is taken for analysis, there are a small number of bridges that are left out
which may be monitored differently. These are also considered noisy inputs.

We use the DBScan Clustering method to get the clusters of similar bridges based
on the node vectors. The hyper-parameters of DBscan are taken as, Eps (radius of
circle of cluster) to be 0.175 and MinPts (Minimum points in a cluster) to be 15.
Unlike k-means, DBScan does not presume any initial number of clusters in the
beginning. For training purposes, it does not need labeled data of bridge classes
and hence is an unsupervised system. As observed in Fig. 3, the difference between
clustering performed byDBScan and clustering by human intervention is almost 0%.
We verified the results ofDBScan i.e. number of clusters, noisy points, and deviations
in clusters fromHDBScan also,which showed the same results asDBScan (Concepts:
Relational to Graph—Developer Guides). The results obtained as clusters were of
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high dimensionality which was converted to two-dimensional space by principal
component analysis and is shown in Fig. 3.

Before evaluating Deepwalk, we evaluate DBscan to check the efficiency of the
labelled data that we infer to evaluate Deepwalk. We use Density based clustering
evaluation (DBCV) which calculates the density inside the clusters and between the
clusters. A high value of density inside clusters and lowdensity between clusters indi-
cate good results [16]. The DBCV for 50 bridge data set was found to be 0.97 which
indicates excellent clusters and thus the labels are used to evaluate the embeddings
of Deepwalk.

The proposed work has been evaluated in terms of efficiency and accuracy. The
metrics used are,Micro-F1 andMacro-F1 scores.We extensively use less labeled data
to evaluate Deepwalk even when the data is sparse. We have created two groups for
training and testing purposes [13]. The average of the total number of observations is
taken andused asMacroF1andMicroF1 scores. The experimental setup for testingof
deepwalk using F1 scores includes clustered data (or the labeled data) obtained from
DBscan. The complete evaluation becomes a multi-label classification problem by
transforming the labels obtained into one vs rest which was carried out in LibLinear
[19].We compare deepwalk with a number of other node embedding algorithms like.

• Spectral clustering: It uses graph networks to form embeddings of less dimen-
sions by the use of smallest eigenvectors of the graph Laplacian. It assumes no
shapes of clusters and is an iterative process to find local minima. Please refer to
[13] for better clarity on its working.

• Modularity [12]: This method also forms a representation of the graph network
by using values (top) from the modularity matrix or simply from the eigenvectors,
which contains features extracted from the graph. It is a comparative systemwhich
compares the nodes in a particular cluster with an assumed cluster created in an
assumed graph with the same number of nodes. The clusters are thus adjusted and
made more precise.

• Edge cluster [12]: It is almost similar to Modularity in terms of performance
but uses k-means for clustering the adjacency matrix. It also has advantages like
scaling data which are difficult for spectral decomposition.

The results are presented in Table 2.We vary our labeled nodes from10 to 90%and
calculate both macro-F1 and micro-F1. The result shows how Deepwalk performs
better than Spectral Clustering,Modularity, andEdge cluster in sparse data. It outruns
Edge Cluster proving it to be better in terms of scalability. Deepwalk wins in scala-
bility mainly as it runs random walks of shorter lengths from any one of the bridge
nodes and does not need the entire graph rather just a very small subset of the orig-
inal graph where the size of the data to be processed depends on just the length of
random walks. We observe that the accuracy is sensitive to the random walk length
(as shown in Fig. 4). If the length is very short, the accuracy is low, as it seems like
node embeddings are not able to capture sufficient features. Whereas, a high random
walk length seems some fair with accuracy but needs more graph nodes (or data)
for node embeddings. In Table 2, the evaluation was done with random walk length
set to 6. The deepwalk algorithm is an efficient approach as with optimal values of
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Table 2 Evaluation scores (micro and macro-F1 scores)

% Label nodes Deepwalk micro
macro

Spectral
clustering micro
macro

Edge cluster
micro macro

Modularity micro
macro

10%
20%
30%
40%
50%
60%
70%
80%
90%

38.0 21.0
40.1 25.7
41.2 27.8
42.8 29.3
43.2 30.2
43.7 31.3
43.9 32.0
44.0 33.2
44.0 33.6

33.1 23.2
36.9 25.4
39.2 27.2
40.9 28.1
41.8 29.1
42.9 30.4
43.5 30.7
44.2 31.0
44.3 31.4

30.0 18.1
32.8 21.1
33.9 22.4
35.0 24.1
36.2 25.1
37.1 25.7
37.1 26.0
37.9 26.8
38.2 27.1

29.4 19.3
32.8 22.0
33.9 22.8
35.1 23.8
36.2 24.6
38.2 25.4
38.1 25.8
39.3 26.2
40.2 26.9

Fig. 4 Accuracy vs
random-walk length

random walks it obtains higher accuracy even with very sparse data processing. The
graphs presented in Fig. 5, presents throughput of deepwalk clustering and PSO +
K-Means methods as presented in [7]. Here the PSO + K-Means method was just
given input of 800 bridges (as with complete data the response time was nearly very
low). We implement both the approaches on IQE (by exposing consumable APIs)
and measure the response time for an hour.

In a nutshell as the tabular bridge data is already modeled as a knowledge graph,
Deepwalk takes the advantage of community membership of bridge properties to
perform node embedding with sparse data and hence, making it consumable for
streaming applications.
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Fig. 5 Throughput
comparison graph

6 Conclusion

The work presents a knowledge graph framework for monitoring of bridges, which
embeds the graph nodes to latent-vector using Deepwalk. Knowledge graph proves
to be more readable than other forms to store data in the inventory. It also marks
how Deepwalk is a powerful tool which can be used to form embeddings and then
clustering knowledge is easier. The clusters thus formed can be useful for managing
similar bridges. The pipeline presented in the work also helps to easily extract node
embeddings for bridges even without the need of an entire knowledge graph (hence
making it better for streaming applications). It also forms a query system where
a large number of queries can be fired and answered with time efficiency. We used
DBscan clusteringwhich forms classes based upon node vectors. The results obtained
from DBscan are used to create labels or find out similar bridges. The accuracy of
the proposed pipeline is measured in terms of Micro-F1 and Macro-F1 scores and
compared to existing work in terms of response per second. The respective F1 scores
of SpectralClustering, Modularity and EdgeCluster were calculated for comparison
purposes and it is observed that Deepwalk outruns all in sparse data.
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Performance of Safety Netting Under
Low Velocity Impact Loading

A. Lloyd and P. Barry

1 Introduction

Safety netting may be employed as a temporary or permanent method of preventing
debris from impacting people or other sensitive items in dangerous environments.
From a civil engineering perspective, these nets may be used in active construction
zones in populated areas [4], mining applications, or as part of protective barriers
between roadways and populated areas, among other applications. Debris retention
netting is commonly used to restrain falling rock [5, 8], in sporting stadiums [1],
and in unique applications like car racing windows [6]. In this paper, nets are tested
under impact that may be more easily characterized by falling construction debris,
but the safe design principals are constant for all applications: protect life safety by
eliminating impacts or reducing impact energy.

The risk to human life safety from impact is complicated by variables including
projectile size, hardness, velocity, and where it strikes on the body. However, gener-
ally agreed upon critical energy levels are present for low velocity (subsonic) strikes
of rigid projectiles. [7] summarized the 80 J rule as simply the kinetic energy threshold
where impacts present a high risk of death. More nuanced approaches, such as the
Lewis formula,which is also summarizedbyValsamos, incorporatemore information
but lead to similar conclusions. Figure 1 shows the velocity and mass combinations
that would result in high probability of human death from both the Lewis formula
and the 80 J rule. Overlayed on that figure is the mass and range of velocity used
in this study. As can be seen, there are several combinations of mass and velocity
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Fig. 1 Human death risk thresholds to impact (adapted from [7])

employed in this study that would be above the 80 J iso-damage line (and those of
some of the Lewis curves as well).

This program explores the capacity of different configurations of safety nets under
low velocity impacts. The impactor in this study is a common clay brick, often used
in residential and commercial construction for facades, infill walls, and load bearing
walls. The nets are commercially available heavy duty and light duty safety nets
made from nylon and PVC coated polyester fibre.

2 Testing Program

2.1 Ballistics Test Lab

Testing for this project was conducted at the University of New Brunswick’s Ballis-
tics and Mechanical (BAM) Test Lab in Fredericton, New Brunswick. This lab is
equipped with an array of ballistic launchers including multiple configurations of
light gas guns capable of firing projectiles at hyper-velocities up to approximately
8000 m/s and multiple configurations of subsonic, air-driven launchers. This project
employed a large bore foreign object debris (FOD) gun shown in Fig. 2 is capable
of launching projectiles up to 250 mm in cross-section dimension at velocities up to
approximately 300 m/s depending on mass.

This gun operates by charging a pressure reservoir with desired driver pressure
using a computer-controlled interface. Once the desired pressure is achieved, an
electronic trigger is switched, causing a fast opening butterfly valve to open and
release the pressure in the reservoir. This pressure then acts upon the sabot housing
the projectile in the breach of the barrel causing it to accelerate down the length of the
barrel. Once the sabot reaches the end of the barrel, a stripper mechanism removes
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Fig. 2 Large bore FOD gun
at UNB BAM Lab

a) Empty sabot b) Brick projectile mounted in sabot cavity c) Projectile mounted in sabot

d) Loaded sabot mounted in breach e) Stripped sabot retained in barrel after shot

Fig. 3 Sabot used in FOD gun

the sabot from the projectile allowing the projectile to continue towards the target
and retaining the sabot in the barrel of the gun.

For the testing in this project, the sabot was formed by machining a 350 mm long
cylinder of expanded polystyrene to the barrel diameter (250 mm). Once the cylinder
was made, it was sawed in two equal pieces along the length and a cavity for the
projectile was carved out of the foam on each side of the cut. Once the projectile
was tightly fit in the cavity (Fig. 3b), the two sides of the sabot were taped together
(Fig. 3a) such that the projectile was inset by 50 mm from the end of the sabot foam
(Fig. 3c). The sabot used in this project is shown mounted in the breach in Fig. 3d
and the stripped sabot after a shot in Fig. 3e. Sabots were consumable and needed to
be replaced after each shot.
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0ms 5ms 10ms 15ms 20ms

Fig. 4 Brick projectile exiting FOD barrel during test

Fig. 5 High speed camera array

A view of the projectile exiting the barrel is shown in Fig. 4 over a 20 ms period.
In this figure, it is evident that the projectile housed by the sabot reaches the end of
the barrel where the sabot is stopped by the stripper plate and the projectile slips from
the sabot and continues towards the target. Variations in friction and the precision of
the sabot cavity to house the brick had slight implications on variability of velocity
during testing. All reported velocities in this paper were those recorded during the
test.

An array of high-speed cameras were used to monitor these tests as shown in
Fig. 5. The cameras included two Photron SA-X cameras that recorded the overall
performance of the net from different angles and also were used for motion tracking
of the projectile to record impact velocity and impact angle along with exit velocity
or rebound velocity if applicable. The SA-X cameras recorded at 3000 frames per
second at 1024 by 1024 pixel resolution. An additional high speed (AOS SMotion in
Fig. 5) camera recording at 1000 frames per secondwas used tomonitor the projectile
exit from the barrel to ensure proper firing of the gun was achieved. All cameras were
set to record data on a continuous loop, saving data to an internal camera buffer. Once
the gun was triggered, an electrical impulse was sent to the cameras and the data
was saved for a period of approximately 7 s. That full video record was reduced to
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approximately 1 to 2 s of images that contained the impact and full response of the
specimens in post processing.

2.2 Test Specimens

For this program, a total of 12 tests were performed on a total of 8 different netting
specimens. Some specimens were tested multiple times if no damage was detected
on the first test. Of the 8 different specimens, there were at total of 4 different net
materials. Some tests were conducted on single-layered materials, and some were
conducted on combinations of materials layered together.

All nets were supplied by Barry Cordage Ltd. ofMontreal, Canada. The nets were
comprised of either knotless (raschel) nylon or PVC coated polyester netting with
different cord diameters, mesh opening sizes and break-strengths. Netting types used
in this project are classified as light or heavy duty, or as debris mesh and each serve
different industrial applications. The properties of each type of net are provided in
Table 1.

Each of the nets used in this project are shown at approximate scale in Fig. 6. The
two smaller types of nets used in this project, the nylon FN100-0.5 and PVC-coated
polyester fibre BTMLC1, are shown in combination with one of the higher capacity
nets (FN700-1.5 or FN700-2.5) as they were tested in a multi-layer configuration.

The nets were connected to a structural steel frame which was then bolted to the
laboratory floor. The structural steel frame, shown in Fig. 7, was made from HSS102
× 102 × 4.8 steel sections welded together. The frame was built to accommodate
the 3.048 m square nets. Gusset plates were added in the corners to accommodate
steel shackles used to connect the net to the frame. Additional interior supports at
1/3 span points around the perimeter were included using eyebolts and either cable
ties or rigid steel links to connect to the perimeter cable of the net.

The interior connections for all but one of the nets were comprised of doubled up
cable ties with specified break strength of 445 N each or an assumed 890 N in pairs.
These ties were used to remove the slack in the net while allowing for a progressive

Table 1 Safety net properties [2]

Designation Material Cord diameter Mesh size
(mm)

Mesh
strength

Type

FN700-2.5 Knotless Nylon 6.35 mm 63.5 × 63.5 3114 N Heavy Duty

FN700-1.5 Knotless Nylon 6.35 mm 38.1 × 38.1 3114 N Heavy Duty

FN100-0.5 Knotless Nylon 1.59 mm 12.7 × 12.7 445 N Light Duty

BTMLC1 PVC-coated
polyester fibre

1000 denier 6.35 × 6.35 32.9 N/mm
(warp)
20.0 N/mm
(fill)

Debris Mesh
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Fig. 6 Different safety nets tested in project

a) Testing frame with net installed

b) Shackled corner connection

c) Cable tied interior connection

d) Steel link interior connection

Fig. 7 Steel reaction frame and net-to-frame connections

failure mode with the idea that the ties would break under large impact forces prior
to the net allowing the projectile to pass through. The large deformation in those
extreme events was determined to be acceptable over failure to prevent pass through
of the projectile. One net was connected at interior points with a rigid steel link
system and tested to allow for direct comparison of behaviour with the cable tied
nets. Figure 7 shows the interior and corner connections used in this test program.
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Table 2 Net configurations and impact performance

Test Configuration Impact mass (g) Velocity (m/s) Energy (J)

Impact Exit Rebound Impact Exit Rebound

1 FN700-1.5 1853 15.7 - Low 228 - -

2 FN700-1.5 1869 14.1 - Low 186 - -

3 FN700-1.5 1870 41.7 - 11.5 1626 - 124

4 FN700-2.5 1917 28.2 - 7.3 762 - 51

5 FN700-2.5 1866 25.5 - Low 607 - -

6 FN700-2.5 1867 40.1 - 12.5 1501 - 146

7 FN700-1.5 1873 36.6 - 12.7 1254 - 151

8 FN100-0.5 +
FN700-2.5

1850 27.4 - Low 694 - -

9 FN100-0.5 +
FN700-2.5

1875 77.7 72.4 - 5660 4914 -

10 BTMLC1 +
FN700-1.5

1870 37.1 - - 1287 - -

11 BTMLC1 +
FN700-1.5

1867 40.7 - - 1546 - -

12 FN700-2.5 1872 39.5 19.1 - 1460 341 -

Table 2 provides information on the nets tested in this project including the test
number, the configuration of nets, the impact mass of the brick projectile and the
impact velocity. The impact energy is also computed as the kinetic energy of the
brick at the time of impact. Additional information on rebound and exit velocity and
energy of the projectile is provided in Table 2, these are discussed later in this paper.

Table 2 shows that 4 of the 12 specimens tested had double net configurations
(tests 8, 9, 10, and 11). In each of these tests, the lighter net (FN100-0.5 or BTMCL1)
was placed on the impact side of the configuration such that the projectile impacted
the smaller net first then the higher capacity backing net (FN700-1.5 or FN700-2.5).
These nets were installed without any gap between the pairs.

3 Experimental Results

3.1 Single Layer Net Tests

This testing was conducted to try to determine the approximate capacities of the nets
for the givenbrick impactor. Tests 1 to 7 explored the performance of the high capacity
nets (FN700-1.5 and FN700-2.5) under various impact conditions. In general, these
nets saw no failure up to 41.7 m/s impact velocity and a corresponding impact energy
of 1626 J. For the low velocity tests (such as Test 1 and Test 2) typically none or
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Fig. 8 Performance differences based on interior support conditions

very few of the interior cable tie supports for the nets failed whereas for the high
velocity tests (Tests 3 and 6) all of the interior cable ties failed. Views of these nets
at maximum displacement condition are shown in Fig. 8a and b where it is evident
that all of the ties did break allowing for more deformation in the net along with
the energy absorption and reduction in stiffness that allowed the nets to restrain the
projectile completely. Figure 9a and b show the response of the high velocity tests
on the FN700-1.5 (Test 3) and FN700-2.5 (Test 6) nets that were supported using
cable ties over time.

Test 12 tested the same type of net as Test 6, FN700-2.5, under a similar velocity.
However, Test 12 employed rigid steel links supporting the interior of the net rather
than the cable ties. This net failed early on in response, approximately 33 ms after
the first impact, as the projectile broke the cords in the net and passed through
with a significant exit velocity. In this case, the exit velocity was 19.1 m/s with a
corresponding 341 J of kinetic energy, well above the critical injury threshold of 80 J.
The side view of Test 12 is shown at various times in comparison with other similar
nets in Fig. 9c and the net condition at the time of failure is shown in Fig. 8c.

3.2 Rebound Hazard and Multi-layer Configurations

Even if the net does restrain the projectile, one potential hazard is the projectile
rebounding backwards at a high enough velocity to become dangerous.Depending on
the end use case of safety netting, this may not be a significant design consideration,
but if people or items of concern are present on the impacted side of the net, rebound
may become a concern. In this testing program, several of the nets had significantly
high rebound velocities such that the rebound energy was above the potential critical
injury threshold of 80 J. Figure 10 shows the rebound of the projectile from Test
3. In this test, the rebound energy was 124 J, enough to be considered critical if
impacting humans, with the velocity of 11.5 m/s. In Fig. 10d the projectile can be



Performance of Safety Netting Under Low Velocity Impact Loading 429

0ms 16.7ms 33.3ms 50ms 66.7ms 83.3ms
a) Test 3 FN700-1.5 at 41.7m/s (cable tie interior supports)

0ms 16.7ms 33.3ms 50ms 66.7ms 83.3ms
b) Test 6 FN700-2.5 at 40.1m/s (cable tie interior supports)

0ms 16.7ms 33.3ms 50ms 66.7ms 83.3ms
c) Test 12 FN700-2.5 at 39.5m/s (rigid steel link interior supports)

Fig. 9 Response of select nets under high energy impact over time

a) Maximum deformation b) 150ms after maximum c) 217ms after maximum d) 283ms after maximum

Fig. 10 Test 3 FN700-1.5 with an impact velocity of 41.7 m/s and a rebound velocity of 11.5 m/s



430 A. Lloyd and P. Barry

0ms 16.7ms 33.3ms 50ms 66.7ms

Fig. 11 Brick being retained by combination BTMLC1 and FN700-1.5 net in Test 11 at 40.7 m/s

seen shattering on the barrel of the launcher located approximately 2 m away from
the net.

Test on the double layer nets show that prevention of rebound may be achieved
by employing the incremental failure of the net pairs such that the projectile may
become trapped between layers of the net. Careful design could result in systems that
are elastic up to the point where rebound energy becomes critical. At that point, the
failure of the first net could be used to entangle the projectile and prevent rebound
completely. This was observed in Tests 8, 10, and 11 of this program, with Fig. 11
showing the retention of the projectile in Test 11. Test 9, however, shows that double
layer configurations do have limitations as the projectile impact velocity and energy
were high enough to break through both layers of the net with an exit velocity of
72.4m/s, only a slight reduction from the 77.7m/s impact velocity, and an exit energy
well above critical levels at 4914 J.

4 Conclusions

Several different types of safety netting were tested under low velocity impacts
representative of falling debris or industrial accidents. Different velocities, boundary
conditions, and layup configurations of nets were used in this testing.

The following conclusions may be drawn from the observations made during this
experimental program:

• Correctly designed nets may be effective in restraining projectiles.
• The nets tested in this study that were restrained with sacrificial cable ties were

able to restrain the brick projectiles up to a velocity of 41.7 m/s without projectile
pass through.

• Rebound of projectiles may be of significant energy to present a hazard. This
rebound hazard was observed to be present in moderate velocity tests that did not
cause significant damage to the nets.

• High enough impact energy and velocity will cause rapid failure of the nets and
result in pass through of the projectile with little reduction in velocity and energy.
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This was observed in conditions of high impact velocity (Test 9 at 77.7 m/s) and
moderate impact velocity with rigid interior supports (Test 12 at 39.5 m/s)

• Light duty netting may be employed effectively in concert with heavy duty net to
restrain projectiles from both passing through the net and from rebounding from
the net.

• The use of sacrificial interior connections, cable ties in this case, allowed the nets
to be securely installed for service conditions and to absorb impact energy during
impact events. These sacrificial elements clearly demonstrated their contribution
to enhanced impact performance over rigid connections by direct comparison of
performance between Test 6 and Test 12.

Further validation of safety nets under different impact conditions including
impact velocity, impactor configuration, impact angle, and overall net geometry and
materials should be done to fully generalize these conclusions.

Acknowledgements The authors would like to acknowledge Barry Cordage Ltd. for financially
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References

1. Bohm H, Schwiewagner C, Senner V (2007) Simulation of puck flight to determine spectator
safety for various ice hockey board heights. Sports Eng 10:75–86

2. Collections (2021) Barry Cordage Ltd. https://www.barry.ca/collections/. Accessed 4 Mar 2021
3. Debek C,Wasileqicz A, Czyz T (2017) Investigation and FEM analysis of mineshaft rope safety

platforms in underground mining. J South Afr Inst Min Metall 117:373–380
4. KrishnamurthyN (2013) Safety during steel erection. In: The Pacific Structural Steel Conference

PSSC, Singapore
5. Nicot F, Cambou B, Mazzoleni G (2001) Design of rockfall restraining nets from a discrete

element modelling. Rock Mech Rock Eng 34(2):99–118
6. Patalak J, Gideon T, Krueger D (2014) Design development and testing of an improved stock

car driver’s window net mounting system. SAE Int J Transp Saf 2(1):165–181
7. Valsamos G, Casadei F, Larcher M, Solomos G (2015) Implementation of flying debris fatal

risk calculation in EUROPLEXUS. Institute for the Protection and Security of the Citizen. Joint
Research Centre of the European Commission, Luxembourg

8. Yang J, Chen Y, Xhang Z, Luo R (2018) Falling weight impact test of a new-type flexible
rock-shed. Eng Rev 38(20):242–252

https://www.barry.ca/collections/


Experimental Testing of the Shear
Strength of CLT-Concrete Composite
Sections Utilizing Adhesive for Shear
Connections

Osama Sam Salem, Xi Chen, and Sherine Ali

1 Introduction

Cross-laminated timber (CLT) is a mass timber product that is manufactured using
wood laminations arranged in alternating perpendicular layers with the top and
bottom layers oriented in the direction of the major strength axis. CLT panels
can be prefabricated to lengths that can reach approximately 20 m and width of
approximately 3 m. The recent changes in the National Building Code of Canada
(NBCC 2020) along with the recent amendments in several provincial building
codes have resulted in a persistent surge in the application of mass timber structural
elements, such as glued-laminated timber (glulam), cross-laminated timber (CLT)
and nailed-laminated timber (NLT) panels, and others.

Floor systems in such buildings can even be made stronger and span longer
distances by adding a top layer of concrete, which can allow the development of
Timber-Concrete Composite (TCC) floor systems. In such floor composite systems,
the advantageous mechanical properties of both materials (timber and concrete) are
efficiently utilized and thus, several advantages can be achieved for a more robust
floor system, if compared to timber floors such as those made solely of cross-
laminated timber (CLT) panels. Among the several advantages of utilizing TCC floor
systems are greater strength, durability, and better acoustics and vibration perfor-
mance characteristics [13]. However, to exploit TCC floor systems, the connection
between the two materials shall be rigid enough to ensure an effective composite
action. Nevertheless, in many applications it is difficult to achieve such composite
action as it can be impaired by the deformability of the shear connectors utilized in
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the TCC system. In such systems, the two components (timber section and concrete
layer) are working integrally with the use of various shear connections which can be
achieved using either discrete or continuous shear connectors that are located where
the maximum shear forces are expected.

The composite action and behaviour of such TCC systems is definedmainly by the
rigidity of the shear connections between the two materials. The primary technique
for shear connections in TCC systems is a wide variety of metal connectors [6],
grooved connections [7], or adhesive connections [8]. Both short- and long-term tests
have shown that adhesive shear connections can achieve greater flexure strength and
stiffness than those obtained in shear connections that mainly rely on mechanical
fasteners or in grooved connections [13]. Usually, TCC floor systems with adhesive
connections can be produced in two ways: cured concrete slabs can be glued to mass
timber panels and then shipped to construction sites, or more advantageously a wet-
on-wet process can be followed. In this wet-on-wet process, it is required that the
adhesive agent to be applied on top of the timber section and then fresh concrete to be
poured on top of it before the adhesive has set [12]. A great advantage of this process
is that it can offer a practical and efficient solution to retrofitting older buildings with
deteriorated timber floor systems to increase the overall performance of the structure.
In addition, the wet-on-wet method has other advantages such as the removal of steel
reinforcement and concrete formworks required in traditional construction practice,
as well as the enhanced flexure strength with the activation of the composite action
of TCC system in a more efficient approach.

In a study conducted by [3], the use ofwet-on-wetmethod to developTCCsections
was introduced. Fresh concrete was poured onto epoxy-based adhesive while the
adhesive was still unhardened. In a study by [10] experimental tests on 6-m long
TCC beam-type floor systems that utilized eight different shear connector types
were performed. A numerical study of a single connector to verify the impact of the
shear connection on the mechanical properties and behaviour of the TCC section
was also conducted as part of the later study. In the said study, 2-mm thick steel
sheets epoxy-glued to timber beams were utilized to develop the shear connections
required for the composite section. The employed steel sheets allowed linear response
throughout the test, nearly up to failure. Test results show that the flexure strength
of that TCC beam-type floor system has approximately 2.5 folds the flexure strength
of similar floor system but without the composite action between the concrete slab
and timber beam, which was provided due to the use of the epoxy-glued steel sheets
(approximately 90% of full composite action). Bathon and Graf [2] introduced a
TCC system in which a steel mesh inserted and glued into a longitudinal slot made
on the top side of a timber beam. A concrete slab was then cast on top of the beam
with the extended portion of the steel mesh embedded in the concrete. Test results
show that the shear connections developed in the described composite system was
rigid enough to achieve the required flexure strength yet offered reasonable degree of
ductility compared to TCC sections that employed other types of shear connections.

In the study presented in this paper, the shear characteristics of CLT-Concrete
composite sections that utilized adhesive for shear connections have been experimen-
tally investigated. The wet-on-wet method using an industrial adhesive was applied
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Table 1 Mechanical
properties of CLT panels
(adopted from Nordic
Structures 2019)

Property Allowable strength (MPa)

Comp. parallel to grain 19.3

Comp. perp. to grain 5.3

Tension parallel to grain 15.4

Modulus of elasticity 11,700

Shear Modulus 731.25

to fabricate four identical TCC sections, each with 600 × 1000 mm shear inter-
face between the CLT panel and concrete layer. Test specimens were experimentally
examined under direct shear forces until failure.

2 Experimental Program

The shear characteristics ofCLT-Concrete composite sections that utilized a commer-
cially available industrial adhesive for shear connections have been investigated
throughout the experimental study presented in this paper. A total of four iden-
tical composite sections, each with 600 × 1000 mm shear interface between the
CLT panel and the concrete layer, were experimentally examined under direct shear
forces until failure. Two composite sections were tested at concrete age of 14 days,
while the other two duplicated sections were tested at 28-day concrete age.

2.1 Materials

2.1.1 CLT Panels

The 3-ply CLT panels utilized in the composite sections tested in this study were
600 mm wide × 1200 mm long. The external laminations were oriented in the
longitudinal direction of the test specimen and the applied load. The CLT panels
were all made of spruce-pin-fir (S-P-F) planks. The principle mechanical design
properties of the CLT panels in the longitudinal direction as provided by the supplier
[9] are listed in Table 1 below.

2.1.2 Concrete

The targeted compressive strength of the concrete required for the 50-mm thick
concrete layer of the composite sections was 30 MPa. Accordingly, a concrete mix
that is composed of 150 kg (40%) fine aggregate; 150 kg (40%) coarse aggregate;
45 kg (12%) cement; and 30 kg (8%) water was prepared to cover the amount of
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concrete required for the four test specimens (total concrete volume of 0.144 m3).
Total of six cylinders were prepared from the concrete mix to determine the actual
compressive strength of concrete after 14 days (3 cylinders) and 28 days (3 cylinders)
from the concrete casting time.

2.1.3 Adhesive

The commercially available adhesive Sikadur-35 Hi-Mod LV was used to develop
the shear connections in the four CLT-Concrete composite sections experimentally
tested in this study. The said adhesive is a two-component, 100% solid, moisture-
tolerant, low-viscosity, high-strength, multipurpose, epoxy resin adhesive. Herein,
this type of adhesive can be used for “can’t dry” surfaces. From Sika official product
data sheet [11], at temperature of 23 °C and after 28 days curing time, the compressive
strength of this adhesive can reach 13,000 psi (89.7 MPa).

2.2 Fabrication Process and Test Assemblies Details

After cutting each CLT panel to its final dimensions (600 × 1200 mm), cut-off strips
of plywood were attached to the CLT panel to build a formwork that was used to
allow casting the 50-mm thick concrete layer of the composite section. The formwork
was designed to allow a CLT-Concrete interface area of 600 mm wide × 1000 mm
long with a 200-mm overhang in each of the concrete layer and the CLT panel with
respect to each other at the two opposite ends in the longitudinal direction of the
composite section, as shown in Fig. 1. The development of the said overhangs was
mainly to allow the load application solely on the top end of the CLT panel while the
entire composite section is supported solely on the bottom end of the concrete layer
(see Sect. 2.3 for test setup details).

Before pouring the concrete, the prepared CLT panels were laid down and leveled
on the floor. Following the adhesive application instructions provided in [11], the
two components of the adhesive were mixed in the ratio of 1-part component ‘B’ to
2 parts component ‘A’ by volume in a clean pail. The two components were mixed
thoroughly for at least 3 min with a paddle attached to an electrical drill on a speed
of (400–600 rpm) until uniformly blended. The prepared adhesive was then poured
on the CLT panel top surface and smeared evenly, as shown in Fig. 2. This step was
carried out simultaneously with mixing the concrete in order for the adhesive not to
set hard before pouring the concrete on top of it.

Concrete was then evenly spread over the CLT panel, along the edges and in the
formwork corners. After the poured concrete reached slightly higher level than the
top edges of the formwork, the concrete surface was levelled and flushed with the
top edges of the formwork using a float to ensure the 50 mm thickness required for
the concrete layer. To maintain the temperature and dampness for proper curing, the



Experimental Testing of the Shear Strength … 437

Fig. 1 A CLT panel with concrete formwork installed to allow concrete casting

Fig. 2 The mixed adhesive
being smeared evenly on top
of the prepared CLT panel
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poured concrete layers were watered and covered with polyethylene sheeting for the
first seven days of the concrete age.

2.3 Test Setup and Procedure

To allow the load application solely on the top end of the CLT panel while the entire
composite section is supported solely on the bottom end of the concrete layer, as
well as to restrain the test specimen against any lateral or transversal displacement, a
strong steel supporting rig was designed and fabricated. The supporting rig was then
placed within the Universal Testing Machine (UTM) accommodated in the Civil
Engineering’s Structures Laboratory at Lakehead University. After the top end of
the CLT panel of the test specimen was centered under the upper crosshead of the
UTM in both the lateral and transversal directions, displacement transducers were
installed on the specimen. Two linear variable differential transformers (LVDTs)
were attached to the left- and right-side edges of the CLT panel (namely LVDT-1 and
LVDT-2) with their rods were bearing against little steel brackets that were glued
to the left- and right-side edges of the concrete layer, respectively. The two LVDTs
were utilized to continuouslymeasure the relative slips between theCLTand concrete
layer near the left- and right-side edges of the test specimen during loading. Figure 3
illustrates the test setup for a general test specimen placed within the UTMwith both
LVDTs installed. After the initial readings of the installed LVDTS were checked,
the load was applied gradually at a rate of 8.0 kN per minute. The relatively slow
rate of loading was deliberately chosen to avoid unnecessary premature cracks in the
concrete that would have developed due to faster application of the load. Also, force-
controlled loading (kN/min) instead of displacement-controlled loading (mm/min)
was deliberately selected due to the same preventative measure for not loading the
test specimens too quickly.

3 Results and Discussion

3.1 Concrete Cylinder Tests

To verify the targeted compressive strength for the concrete mix, which is 30 MPa,
cylinders with 14- and 28-day concrete age were tested for their actual compres-
sive strength using the same UTM. The compressive strength tests were performed
according to ASTM C39/C39M-20 standard [1] for concrete cylinder tests. The
average compressive strength attained by the three cylinderswith the 14-day concrete
age was 23.6 MPa, while the average strength attained by the other three cylinders
with the 28-day concrete age was 30.2 MPa. All concrete cylinders exhibited cone
failure.
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Fig. 3 Test setup for a
general test specimen with
instrumentation installed

3.2 CLT-Concrete Composite Section Shear Tests

Figure 4 shows the load-slip relationships developed using the measurements of the
installed LVDTs against the loads applied by the UTM for one of the CLT-Concrete
composite sections of 28-day concrete age, since all four specimens performed in
very similar trend under the applied loads. As shown in Fig. 4, the maximum slip
occurred at the interface between the CLT panel and concrete layer was recorded
at only 0.04 mm, which is utterly negligible. Regardless of the different concrete
age (two sections of 14-day and two sections of 28-day concrete age), there was
no difference observed in terms of the load-slip behaviour between the four CLT-
Concrete composite sections tested in this study.

The maximum load attained by the four composite sections exceeded 530 kN
when the tests had to be terminated after the CLT panel started to crush under the
heavy load applied. Figure 5 shows the relationship between the penetration values
of the loading steel plate into the top edge of the CLT panel and the applied load
for one of the CLT-Concrete composite sections of 28-day concrete age. The values
of the penetration into the CLT panel increased in a relatively linear trend with the
increase of the applied load, as shown in Fig. 5. The maximum penetration value was
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Fig. 4 Load-slip relationships for a CLT-concrete composite section of 28-day concrete age

Fig. 5 Load-penetration relationship for a CLT-concrete composite section of 28-day concrete age

recorded at slightly more than 8 mm when a maximum load of 530 kN was attained
by the composite section.

3.3 Failure Modes

Essentially, all four CLT-Concrete composite sections did not fail with the reach of
a maximum load of 530 kN; however, the shear tests had to be terminated after the
top edge of the CLT panel started to crush under the heavy load applied, Fig. 6(a).
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(a) (b)

Fig. 6 Failures observed in the CLT-concrete composite sections, a CLT top edge crushing; b
longitudinal crack observed in the concrete layer

Only the composite sections of 14-day concrete age exhibited the development of
longitudinal crack in the concrete layer late in the tests at very high loads, Fig. 6(b).

4 Conclusions and Recommendations

Based on the results obtained from this experimental study on the shear strength of
CLT-Concrete composite sections that utilized adhesive for shear connections, the
following conclusions can be drawn.

– All four specimens performed in very similar manner under the applied loads
since the maximum slip occurred at the interface between the CLT panel and
concrete layer was recorded at only 0.04 mm, which is utterly negligible.

– Regardless of the different concrete age (two sections of 14-day and two sections
of 28-day concrete age), there was no difference observed in terms of the load-slip
behaviour between the four CLT-Concrete composite sections tested in this study.

– The maximum load attained by the four composite sections exceeded 530 kN
when the tests had to be terminated after the CLT panel started to crush under the
heavy load applied.

– The maximum value of penetration into the CLT panel was recorded at slightly
more than 8 mm when a maximum load of 530 kN was attained by the composite
sections.

– It is recommended to use adhesive to develop completely rigid shear connections
since the outcomes of this study confirmed the assumption of the rigid connection
between the CLT panel and concrete layer in such TCC glued sections, as all four
specimens were able to attain more than 530 kN load without any shear interface
failure observed.
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Vibration Testing of Truss Members
Consisting of Multiple Eyebars
for Estimating Axial Load Distribution

M-A. Chainey and M. Chaaraoui

1 Introduction

Tension members with multiple eyebars (members) are generally designed to share
the applied load uniformly between individual eyebars (elements). However, deterio-
ration due tomultiple factors such as wear and tear, damage, corrosion and geometric
variation due to construction tolerances can lead to uneven load sharing of tensile
forces among elements of a member. Considering eyebar elements of equal cross
section, length, and restraint conditions, eyebar elements with lower tensile forces
include a lower natural vibrating frequency compared to eyebar elements with higher
tensile forces.

Load sharing behaviour ofmultiple eyebarmembers is of interest in the evaluation
of truss bridges for multiple reasons including:

• Accurate determination of stress levels in the individual eyebars for refined
analysis including fatigue stress cycles;

• Assessment of the bending or shear stresses in the pin of the affected truss node
due to the load sharing behaviour of eye bar members;

• Designation of eye bars as being subject to sudden loss of capacity with little
or no warning by the Canadian Highway Bridge Design Code (CHBDC) (CL
14.12.3.(a) - CAN/CSA S6-19) [4].

A novel eyebar vibration testing method using a smart phone and a 3D printed
case was developed to evaluate axial load distribution between separate eyebars of
a member. Seventeen (17) eyebar members of a large true-pin cantilevered steel
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truss bridge were selected for testing to provide a representative sample of eyebar
element behaviour, and to assess instances of suspected non-uniform loading between
elements.

1.1 Background

The CHBDC Code and Commentary do not provide specific guidance with respect
to load distribution assumptions for eyebar members. Previous studies on the topic
have suggested that only one eyebar element be utilized in calculating the capacity
of members consisting of only two elements [2]. This approach may be appro-
priate for structures with significant non-uniform element loading, but may be overly
conservative for structures with only modest non-uniformity in eyebar element load
distribution.

Following a first principles approach derived by Timoshenko et al. [1], the
Manual for Railway Engineering (MRE) [5] provides a procedure to estimate the
dead load stress in each element of an eye bar member by correlating force to the
natural vibrating frequency. The MRE approach determines of the natural vibrating
frequency by visually observing a number of cycles within a time period following
a forced excitation of the element. An additional study by Mazurek included eyebar
vibration testing in the lab and field utilizing accelerometers and data loggers rather
than the visual observation method proposed in the MRE. Mazurek found that esti-
mation of dead load stress in an eyebar is dependent on its end fixity, and that the
estimated stresses utilizing theMRE procedure is only accurate if an equivalent fixed
length is considered. While the magnitude of the estimated stresses were highly
dependent on fixity, Mazurek determined that the load sharing variation between
members can be calculated accurately based on the variation in frequencies between
bars and suggested that vibration testing is a suitable technique for estimating load
sharing effects [3].

2 Methods

The methodology for determining the load sharing distribution between eyebars is
based on first principles and is directly correlated with the natural frequency of an
eyebar in tension. The methods and techniques utilized in this study were based on
an established procedure as described in MRE and as studied by Mazurek.
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2.1 Structure and Member Selection

Eyebar vibration testing was conducted on a large true-pin steel truss bridge
containing eyebar tension members in Ontario in the Fall of 2020. The eyebar vibra-
tion testing was selected to facilitate a more accurate structural evaluation of eyebar
members accounting for the effects of load sharing between eyebars. The vibration
testing and analysis was performed on a total of 17 members selected for vibration
testing to cover a wide array of configurations and behaviours. In addition to repre-
sentative and random selections, members suspected to demonstrate a higher load
sharing variation based on field observations were also selected.

2.2 Materials and Methods

Rather than using visual observation to count the oscillations of an eyebar member as
described in AREMA or using specialized accelerometer instrumentation, a simpli-
fied and easily repeatable procedure for field application was developed without
specialized equipment or data loggers. The materials utilized consisted of a smart-
phone device (Samsung Galaxy s10) with a built in accelerometer (LSM6DSO), a
custom plastic 3D-printed phone mounting case, standard C-clamps, and a free data
logging phone app (Physics Toolbox). The vibration testing apparatus setup (Fig. 1)
had an effective sampling rate of approximately 400 Hz.

The methodology used for conducting vibration testing was as follows:

• The smartphone device was mounted to the first eyebar element of the selected
member, and phone application was set to record accelerometer data..

Fig. 1 Vibration testing set-up used for eyebar vibration testing. Smart phone display shows the
g-force meter under nominal conditions (no forced excitation)
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• The eyebar was manually excited by hand to achieve a sufficient vibration ampli-
tude, and then the subsequent damped free vibration was recorded for a minimum
of 25 cycles..

• The process was repeated on all remaining eyebar elements in the member..
• Selected eyebars of the same member were re-tested to ensure the results were

consistent and repeatable.
• Acceleration data was exported to a.csv file by the app for data post-processing.

Vibration testing was performed with limited to no live load to assess the dead
load distribution between the eyebar elements. Repeat testing of some members was
performed on a separate date and the results were found to be congruent.

2.3 Analysis

The measured acceleration data was processed to calculate the natural frequencies
of individual eyebars using a peak-picking algorithm to determine the oscillation
period (Fig. 2). The processed data was then analysed to determine the variation in
load sharing of eyebar elements.

Fig. 2 Example of the processed acceleration data for a single eyebar
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3 Results

For the current case study, the results of the analysis confirmed non-uniform load
distribution for elements of a member, and the extent of non-uniformity varies from
member to member. Compared to the nominal (average) force of an eyebar element
in a member, the maximum force of an individual eyebar element was measured to
be 0.3 to 37.4% above the nominal element force with a calculated average of 7.8%
above the nominal element force. The distribution of results is shown below in Fig. 3.

The eyebar vibration testing methodology provided a rational approach for esti-
mating axial loads in eyebar elements. A normal distribution was used to summarize
the test results of the 17 members tested. The normal distribution statistical parame-
ters are provided inTable 1.Based on a reviewof the data, a reasonable loadmultiplier
was determined for the evaluation of eyebar members on the structure.
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Fig. 3 Summary of test results showing the distribution of calculated maximum eyebar force
relative to the nominal eyebar force for a member

Table 1 Eyebar vibration testing distribution results

Parameter 
Max / Nominal Force for 

an individual Eyebar 
Element 

Mean 7.8% 

Standard Deviation 5.2% 

75th percentile 9.8% 

90th percentile 15.5% 
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4 Discussion

This case study confirmed that the dead load distribution in eyebar elements of
tension members on the evaluated bridge are non-uniform. Considering the potential
brittle failure mode of eyebars as indicated by the CHBDC, for this case study a
15% increase in eyebar element load above the nominal value was proposed for the
evaluation of eyebar members (approximately aligned with the 90th percentile of the
measured data sample). A Load Multiplier of 1.15 was applied to the nominal force
of an individual eyebar to address potential non-uniform load distribution.

In addition to the load sharing behaviour, the eyebar vibration results were used
for comparison as follows:

• The expected dead load forces in the eyebar members were determined by a finite
element model.

• The relationship between tensile stress and the natural frequency provided in the
MRE was utilized to calculate the estimated tensile stress of individual eyebar
elements.

• The sum of the estimated forces in the eyebar elements was compared against the
expected dead load forces.

The estimated forces in the eyebars did not correlate well with the expected
forces produced by the finite element model. Several factors may affect this lack
of correlation including assumptions in assumptions in in the modelled behaviour,
determining the effective length of the eyebars, deteriorated state (i.e. section loss)
of the eyebar elements, thermal stress in the members and nominal transient loading
(live andwind) at the time of the vibrationmonitoring.However, this analysis remains
adequate for determining the relative load sharing between eyebar elements as shown
by Mazurek.

4.1 Limitations

The findings presented in this case study are based on a small sample size specific to
the structure being evaluated. Only 17 data points (members) were available while
a minimum of 30 data points is typically recommended for normality. The selection
process was naturally skewed towards examples believed to include higher variations
based on the observed condition. A larger, more representative sample sizemay show
that a load multiplier of 1.15 corresponds to a higher percentile in the data than
presented in this case study for the structure being evaluated.
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A New Panelized Roof Design Approach
for Offsite Fabrication of Light-Frame
Wood Residential Construction Projects

Md Saiful Islam, Ying Hei Chui, Mohammed Al-Hussein,
and Mohammed Sadiq Altaf

1 Introduction

Off-site construction is a manufacturing process where building components,
elements, or modules are pre-assembled in a controlled plant environment and subse-
quently transported to the construction site for installation [7]. This process reduces
project duration, reworks, safety risks, life cycle costs, and adverse environmental
effects. At the same time, it improves predictability, productivity, life-cycle perfor-
mance, sustainability, and profitability [7, 14]. By relocating approximately 80% of
the building construction activity from the original location, significant site disruption
and vehicular traffic are reduced, which increases overall safety and security from the
owner’s perspective [12]. Among the several off-site construction approaches, the
panelized construction process is popular because of its design flexibility and asso-
ciated on-site assembly cost-savings. Panelized construction subdivides a building
model into subassemblies such as wall panels, floor panels, and volumetric roof
elements, that are manufactured in an off-site facility and then shipped to the site for
installation

Typically, a light-frame panelized-building production facility encompasses
several workstations such as wall framing location, sheathing assembly section, floor
production line, and roof assembly section (Fig. 1). The corresponding panel types
are fabricated as these workstations/sections capitalizing on building information
modelling (BIM) and CNC machines, making the process highly efficient, with
minimal waste of material and high productivity. As a result, the panelized construc-
tion method is faster and more competent compared to the traditional stick-built
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Fig. 1 Typical factory-based home construction facility: a Wall framing station, b Floor station, c
Wall sheathing station, and d Roof production station [3]

Fig. 2 Work breakdown of current roof module production process [3]

process. However, presently, this light frame offsite home construction method is
best described as partially panelized since the roofs can only be prefabricated as
a single volumetric module (Fig. 1d) or constructed on-site. In summary, current
roof production in panelized construction method has the following 5 key steps and
involves 19 manual tasks as illustrated in Fig. 2:

1. The roof trusses are designed and fabricated by a truss fabricator.
2. The roof trusses are shipped to the penalized production facility.
3. Trusses are unloaded and transferred to the designated roof production

workspace where they are laid out according to the plan.
4. Wood-based sheathing panels and blocking are attached to the trusses using

fasteners to form a roof module.
5. Roof finishing is added to the completed module

Producing roof structures in this manner entails the following deficiencies that
can be addressed through innovation:

a) There are some non-value-added activities such as loading and unloading of
trusseswhich lead to a relatively long setup time for the production line assembly
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b) The manual (stick-built) approach employed for roof fabrication in current
practice results in an imbalance of overall production (i.e., taking into account
the effect on production flow at other workstations).

c) Transporting the roof requires a relatively large number of trailers (to be specific
four trailers for a 1600 sq ft single-family home), and on-site loading and
unloading increases the overall work duration, leading to high transportation
cost [3].

d) The site installation process is complex due to the size of the roofmodules. In the
case of very congested construction sites, it becomes impossible to transport
large roof modules; as a consequence the roof must be built entirely at the
site (similar to the traditional stick-built process), increasing project cost and
duration. Thus, the offsite construction goal is not achieved.

e) Considerable space is occupied in the factory while producing the roof module,
again making it difficult to balance wall and floor panel production with roof
fabrication for a given number of homes.

f) The additional cost of sub-contracting the roof trusses to the truss manufacturer
raises the price of a home package.

A novel type of system that addresses these deficiencies could improve the efficiency
of roof manufacturing. This paper discusses a novel approach to the roof design that
allows home manufacturers to produce the roof component in-house using their
existing production facility and thereby overcome the above-mentioned challenges.

2 Holistic Approach to Roof Prefabrication

In the conventional approach to the construction of residential low-rise buildings in
Canada, the roof is built using closely spaced wood trusses that support sheathing
and roofing materials (on the upper-chord) and ceiling materials (on the lower-
chord). These trusses are arranged at a spacing of 610 mm or less. Lateral bracing of
such a wood roof truss system is provided by wood-based sheathing panels, thereby
achieving an extremely efficient structural system. However, as mentioned above,
this truss-based structural design fails to accommodate the panelized construction
constraints that exist in the production lines of panelized-home manufacturers.

A novel structural design is thus proposed that satisfies industry requirements
while using existing panelized production lines to produce roof panels that can be
assembled on-site with minimal effort. This approach will allow prefabricated home
builder to move from partial towards full panelized manufacturing. To increase
the productivity of the roof production process, panel dimensions and other roof
components must accommodate the following limitations of the framing stations
[3]:

a) The maximum allowable height of a framing module is 3,200 mm (10 ft) if
it is produced at a wall framing station and 12,200 mm (40 ft) for the floor
production line
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b) The minimum permissible height of a framing module is 1,600 mm (5 ft) if it
is built at the wall framing station

c) The maximum length allowed for a framing module is 12,200 mm (40 ft) in the
wall production line whereas for the floor production line it is 3,200 mm

d) The Stud direction for the panel should be parallel to the short direction of the
component if it is fabricated at the wall framing station

e) The roof design should minimize the crane lifting sequence on-site

In devising this holistic approach, we first analyze a case architectural 3D model and
then subdivide the entire roof into several rectangular subsections. The dimensions
of these subsections must comply with the production line constraints, transportation
trailer capacity, crane lifting limitations, and on-site installation considerations. The
resulting system for a typical two-storey building with a gable roof comprises the
following components (Fig. 4):

a) Roof panels
b) Support wall panels
c) Celling frames
d) Beams spanning between two support walls
e) Inter-component connections, including the inclined roof panel and support

wall, ceiling frame and shear wall, and the support wall and ceiling frame.

The dimensions of the roof panel, ceiling frame, and support wall are selected in
such a manner that they accommodate the constraints of the production line and
transportation limitations (Table 1). The roof panels and support wall are produced
in the wall production line using laminated strand lumber (LSL) and oriented strand
board (OSB). Details of the panel design are discussed in a later section. Ideally, the
production process of the roof panels is the same as the wall production; for example,
framing operation is performed in the framing station (Fig. 1a) and attaching theOSB
on the finished frame is completed in the multifunction bridge (Fig. 1c) of the wall
line. Whereas the ceiling frame can be produced in the wall line framing station
or floor line depending (Fig. 1a and 1b) on the cost and efficiency of production.
Other components such as roof panel to support wall connection requires manual
operations. Details of the ceiling frame analysis can be found in Islam et al. [9]. Cost
analysis for a gable roof with an 11× 6.1 m building footprint shows that production
cost is $66.70/m2 following the existing fabrication process, whereas manufacturing

Table 1 Constraints for roof
panel and ceiling frame size

Component dimension Production
constraints

Transportation
constraints

Maximum height
(mm)

3,200 3,050

Maximum length
(mm)

12,200 12,192

Minimum height (mm) 1,600 n/a

Minimum length (mm) 1,200 n/a
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using the proposed system will cost $69.4/m2. Therefore, the proposed system is a
cost-competitive production process with the conventional system. As a matter of
fact, this holistic approach is more efficient and economical since it will reduce the
hauling number in transporting the roof and deliver higher utilization of automated
and semi-automated production lines.

3 Panel Design

As mentioned in the previous section, the roof panel is produced in the wall line
following the same procedure as the wall panel production process. As such, a gable
roof with an 8/12 slope and 6,096 mm span requires a total of four panels. The
corresponding width for the Panel-A type (Fig. 4) is 1,938 mm, whereas type Panel-
B has a width of 1,838 mm. The material selection for this panel, it should be noted,
is critically important as regards strength, stiffness, and production efficiency. In this
regard, off-site home manufacturers typically prefer engineered wood products over
traditional lumber because of their dimensional stability, high strength, and high
stiffness. For example, if traditional lumber is used, then the top-plates and studs
will need to be manually adjusted, often with considerable force applied, in order to
fit the workbench at the framing station. Even operations such as cutting birdsmouth
notches may not be consistent if traditional lumber is used. Given these issues with
traditional lumber, for the panelized roof design, LSL and OSB are the preferred
material. The gravity load path of this panelized roof is shown in Fig. 4. It can be
noted from Fig. 4 that Panel-B has supports at both ends and if we assume simply
support condition then half of the gravity load is transferred to the load-bearing wall
at the eave line and half of the load is transferred to the support wall. For Panel-A,
full gravity load is transferred to the support wall.

The panel design starts with the selection of OSB sheathing thickness. Following
the design Table 2.1.2A and 2.1.2B in CWC [4], for the maximum spacing of the
rafters 600mmminimum9.5mmthickOSBcanbeused for specified roofSnow loads
less than 2.0 kPa and 11 mm for specified roof Snow loads greater than 2.0 kPa. The
studs of the panel can be designed similar to the traditional rafter analysis considering
simply supported conditions for a span of the panel width. Since both Panel A and
B are subjected to both out-of-plane loading and in-plane loading, the stud design
would require checking for bending and compression (CSA086 19 [5] clauses 6.5.4.1
and 6.5.6.2.3) member since the panel is subjected to both out-of-plane loading and
in-plane loading. This simplified process gives an estimate as an individual member
of the panel however the panel is a system itself with Top plate (76 mm 140 mm),
Studs (38 mm 140 mm) spaced at 600 mm and OSB sheathing (9.5 to 11 mm thick).
As such, it behaves as a plate rather than as a rafter system. Also, the edge of the
top plate requires an additional OSB sheathing opposite side of the main sheathing
(Fig. 5a) to make it more rigid and facilitate connections at the apex and support
wall.
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As can be observed in Fig. 5b, the proposed apex connection is a triangle hinge
connection with a self-locking mechanism that requires studs on both sides of the
triangle to connect both panels at the ridge of the roof. However, the spacing of this
connection may require omitting some studs of the panel and thus the rigidity of the
top plate-to-studs connection must be sufficient so that load can be transferred to the
nearest apex connection zone. By nailing secondary OSB sheathings (Fig. 5a) at the
edge of the top plate it is possible to facilitate an economical apex connection. The
nail connection of the secondary OSB, it should be noted, is subjected to both lateral
and axial load because of the slope orientation of the roof panel. Although CSA
086 19 [5] provides a design guideline for laterally loaded nail joints that is easy to
implement for OSB sheathing in typical shear walls, the design in which the OSB
sheathing-to-stud nail connections are subject to both withdrawal and lateral force is
a special case. To obtain a detailed characterization of the behaviour of this panel, as
well as to determine optimumnail spacing for the secondaryOSB sheathing (300mm
wide), finite element (FE) modelling is required. The FE modelling, in turn, requires
several types of nail connection tests, which are discussed in the next section.

3.1 Nail Connection Tests on Manufactured Panel

Experimental tests were carried out to assess the strength and stiffness of OSB-to-
LSL stud and LSL top plate-to-LSL stud nail connection. The test method described
in Sect. 13 of ASTM D1761-12 [1] covers the determination of the resistance to
lateral movement offered by a single screw in wood members. Following the same
loading protocol and measurement process, a modified test setup was designed for
this study to obtain the load–displacement of the connections. The nail joint test
program involved four types of connection (Fig. 6), in total, 24 nail joint specimens
were fabricated at an offsite construction facility. Since the specimens were built in
the same offsite environment of the home fabrication process, the nail connection
samples represent a reasonable portion of actual production that accounts for the
construction defects and variability. The test setup used for testing nail joints was
similar to the one previously used by Plesnik et al. [15] and Spasojevic [18]. The setup
had two parts: a) the test section at the top, and b) a dummy section at the bottom.
The dummy section was overdesigned to make it very rigid so that it can maintain the
geometry of the specimen. It was fabricated using ten 12-gauge screws that provided
the dummy section with high stiffness and resisted any movement of that end. The
test section of sample type-a was constructed with four nails and consisted of 38 ×
140 mm LSL stud, and the 9.5 mm thick OSB on both sides (Fig. 6a). Whereas the
test section of the type-b samples was fabricated using one 38mm140mmLSL piece
in horizontal plank orientation and two 38 × 140 mm LSL parts in stud orientation.
Four nails were used to connect the LSL parts which represents the nail connection
with a top plate to studs and test results of this sample represent the displacement of
joints in x-direction as shown in the coordinate system in Fig. 6b.
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Table 2 Summary of nail connection test samples

Joint type Load Head-side Point-side Peak load (kN) Initial stiffness
(N/mm)Mean S.D

Framing stud-to-top
plate X-axis

Lateral LSL LSL 1.403 0.020 712.34

OSB
sheathing-to-LSL
framing

Lateral OSB LSL 1.035 0.188 2,622.93

Framing stud-to-top
plate Y-axis

Lateral LSL LSL 1.199 0.138 758.51

Framing stud-to-top
plate Z-axis

Axial LSL LSL 0.862 0.186 3,608.57

The test sample of type-c was constructed using three 38 × 140 mmLSL and two
9.5 mmOSB sheathing. The sheathing provided a surface that connected the dummy
section and test section (Fig. 6c). To achieve high rigidity, twenty 12-gauge screws
were used on both sides of the dummy and test section. Total four nails were used to
connect the LSL sections which represents the nail connection of top plate-to-stud
and test results of this sample represent the displacement of joints in the y-direction.
Two Linear Variable Differential Transformers (LVDTs) were attached to both sides
OSB of the specimen to record the relative displacement of the LSL sections. Finally,
the test section of the type-d sample was fabricated using one 38 × 140 mm LSL in
horizontal plank orientation and two 38 × 140mmLSL in stud orientation (Fig. 6d).
Four nails were used to connect the LSL sections that represent the connection of
the top plate to the stud and test results of this sample represent the displacement of
joints in the z-direction. It is worthy to note that this is ultimately the nail withdrawal
test. Figure 7 illustrates the load–displacement plot of the tested sample and Table
2 summarizes all the test results. The characteristics of the individual sheathing-
to-framing, LSL top plate-to-studs joints in roof panel are crucial in defining the
strength and the stiffness of the panel. The results of this nail connections test were
used to develop a finite element model of the panel which is described in the next
section.

3.2 Finite Element Analysis of Manufactured Panel

Finite-element modelling can be applied to cost-effectively evaluate the structural
response of a range of light-framed buildings [17]. Many researchers had used this
tool to understand the structural response of light-frame timber construction. For this
study, we used general-purpose finite element software Abaqus to develop a FEM of
roof panel that can be used to build a gable roof with a slope of 8/12. The proposed
3D FEmodel used connector elements to model the load–displacement properties of
the sheathing-to-LSL framing joint and LSL top plate-to-LSL stud joint. By defining
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Table 3 Mechanical
properties for OSB and LSL

OSB LSL

E1 7,425 8,965

E2 2,520 1,350

G12 15,74 490

G13 1,194 195

V12 0.183 0.298

V13 0.364 0.500

Bending 0o 18.9 21.65

Bending 90o 6.00 8.86

Shear strength 0o 3.80 5.39

Shear strength 90o 2.40 2.47

their properties nonlinear and introducing (nonlinear) single spring elements or spring
pair elements, the proper connection behaviour can be captured in the model [16,
17, 19]. The load slip curves of the tested connections mentioned in the previous
section were used to define the parameters for the nonlinear springs that characterize
the OSB-to-Studs and Top plate-to-stud connection. An S4 shell element is used to
represent sheathing panels and LSL studs. However, the top plate LSL was modelled
using an 8-node linear brick element. S4R is a 4-node doubly curved general-purpose
shell element with finite membrane strains permitted, and each node has 6 degrees
of freedom. The properties of OSB and LSL material were defined based on values
reported in the literature. OSB sheathing properties were adopted from [8, 10, 20].
LSL wood properties were defined on the basis of the test results of Moses and Prion
[11], CCMC [6] and Niederwestberg et al. [13] (Table 3). The Tasi-Hill criterion was
used to define the failure of OSB and LSL materials in bending. Since the gable
roof is symmetric only half of the roof panel was modelled with a representative
longitudinal length of 2,400 mm. The FEM was modelled using 9.5 mm secondary
OSB sheathing at the edge of the top plate and connector elements with their local
coordinate system were defined in that zone for top plate-to-OSB and stud-to-OSB
connections (Fig. 8a). As shown in Fig. 9a symmetry boundary conditions at the
ridge were defined for the studs 1,200 mm apart to represent the apex connection and
the stud in between was connected to the top plate and secondary OSB by nails only.
Thus, the model redistributes the load to adjacent supported studs and by analyzing
the connector force output the optimum number of nails for the secondary OSB can
be obtained. It should be noted that the nail withdrawal test results had a maximum
mean load capacity of 862 N and according to CSA 086 19 for nail withdrawal
case F factor is 0.6, so for design maximum connector withdrawal threshold was
set to 517 N. Results from the FEM shows that for a gravity load 4.0 kPa with 9.5
mm thick secondary OSB two rows of four nails are sufficient to comply the design
requirement and the withdrawal forces in the fastener close to the unsupported studs
remain below the design threshold.
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Fig. 3 Panelized roof concept

Figure 9b shows the load-displacement output from the model that confirms the
fastener force is well below the threshold level. The same FEM model was used to
simulate the three-point bending test of the panel and obtained the load-displacement
response (Fig. 9a) until failure of the system. The predicted peak load was 33.75 kN
and following the procedure described in ASTM D1037 [2] the bending stiffness of
the panelwas obtained to be339×106 N-mm2/mm.TodevelopFEMfor the complete
panelized roof which includes support wall, ceiling frame and all inter-component
connections an equivalent super element fictitious plate can use with the equivalent
bending stiffness of the actual panel. However, to model the FEM of the complete
assembly of a panelized roof system load response of all the connections shown in
Fig. 3 is essential. So, an experimental campaign was carried out at the laboratory of
the Department of Civil and Environmental Engineering of the University of Alberta
for the above-mentioned connections type. Details of the connection test and ceiling
frame analysis can be found in Islam et al. [9]. Results from ceiling frame analysis
show that the ceiling frames can be produced either at the wall line using LSL
material or in-floor production line using wood I-Joist. Choice of the ceiling frame
production depends on the production efficiency of the manufacturer’s facility. The
panelized roof design in this study is independent of the ceiling frame production
method since the developed connection system can be applied to any type of ceiling
frame. The experimental results of support wall-to-roof panel and panel-to-panel
connection show that available analytical models for screws can be used to obtain
good estimates of design values for all the connections of the panelized roof.
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Fig. 4 Gravity load
distribution in a cross-section
of the panelized roof

Fig. 5 a Typical panel for the panelized roof system, b Roof panel placed with apex connection

Fig. 6 Nail connection testing a nail connection OSB-to-LSL stud (type-a), b LSL to plate-to-LSL
stud along the x-direction (type-b), c LSL to plate-to-LSL stud along the y-direction (type-c), and
d Nail withdrawal (type-d)
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Fig. 7 Load displacement curves for a nail connection OSB-to-LSL stud, b LSL to plate-to-LSL
stud along the x-direction, c LSL to plate-to-LSL stud along the y-direction, and d Nail withdrawal

Fig. 8 a Assembly view of the FEM b results of the FEM

Fig. 9 a Load response of three-point bending test of panel b Fastener withdrawal force

4 Conclusion

The roof panel analysis and connection test results described above provide the basis
for the FEmodel of the entire roof assembly (which is essential for understanding the
load response behaviour of the overall system itself). In this regard, the FEmodelling
to be carried out in future work will reveal the expected load response behaviour of
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the proposed novel roof system and will extend the approach to several other types
of roofs in the North American construction market, such as hip, dormer, and gable
with valley. The main limitation of this system is that it cannot be used in the case
of a commercial facility with a large roof span.
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Application of the Building Code
to Existing Buildings: Background,
Objectives, and Interesting Tricks

Thomas Morrison

1 Introduction

The engineering community needs to improve its treatment of existing buildings.
This has become increasingly important as a societal and as a climate control issue.
A recent study [14] showed that the construction and operation of buildings account
for approximately 32% of global carbon emissions, with construction accounting for
an estimated 12% of total emissions. It has also been estimated that the construc-
tion industry contributes 45% by volume of waste to landfills. The industry has a
responsibility to address these climate issues and improve the sustainability of the
built environment. This is consistent with an engineer’s responsibilities to ensure
protection of the environment, the public, and the workplace [1].

Studies and organizational standards have identified that the renovation and repur-
posing of existing buildings is an effective solution in addressing the carbon emission
and landfill issues. The importance of finding better ways to use existing buildings
has been highlighted by such diverse groups as the International Panel on Climate
Change and the U.S. Department of Defence. A U.S. Department of Defence report
[9] concluded that the continued use of existing buildings should always be the
default approachwhen seeking building space. The study also showed that successful
projects require professionals with specialised knowledge. There is evidence of a
trend to more construction activity with existing buildings. The American Institute
of Architecture found that 44% of current design activity is dedicated to existing
buildings [2]. A literature review could not confirm whether this is true in Canada
but, it is probable that this is also representative of Canadian building activity. Where
existing buildings are being repurposed, or renovated, there will be the need for struc-
tural analysis and design. However, the National Building Code of Canada [NBCC],
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and referenced design standards, contain limited content dedicated to existing build-
ings. The NBCC and the National Research Council Canada [NRCC] provide some
guidance, but not to the extent provided for new buildings.

It is the objective of this article to outline the current guidance in the NBCC for
existing buildings, summarize currentNBCC initiatives to address existing buildings,
identify other technical resources on this subject and finally present a process for
structural engineers to use for existing building projects.

2 National Building Code – Division A

Prior to the first edition of the NBCC (published in 1941) there were a patchwork
of regional and municipal codes. It was the responsibility of the structural designer
to understand the technical background necessary to assign loads and develop a safe
design. Most structural information pertained to loads, with live loads such as 100
pounds per square foot (4.8 kPa) being referenced since the mid 1800’s. From the
time of the first 1941 edition of the NBCC, to the fourteenth edition in 2015, many
changes have occurred in the code. Code references in this paper refer to the 2015
NBCC.

The 2015 NBCC, Division A, includes Compliance, Objectives and Functional
Statements which form the basis of the code intent. Division A Part 1: Compliance
outlines where the Code applies and how it applies. The NBCC is an objective based
code [5], and these are provided under Division A Part 2 Objectives. Division A
Part 3: Functional Statements, provides additional guidance in understanding the
objectives. The first question for a designer is - does the code apply to existing
buildings?

The answer is that the code does apply under specific circumstances. Division A
Clause 1.1.1.1.(1). states “This Code applies to the design, construction and occu-
pancy of all new buildings, and the alteration, reconstruction, demolition, removal,
relocation and occupancy of all existing building. (See Note A-1.1.1.1.(1))”. This
clause indicates that if a construction project relates to an existing building then the
code applies [7]. However, the indicated “Note” must be considered for context.

The Division A Note (NBCC A-1.1.1.1.(1)) evolved from a January 1984 article
by the National Research Council of Canada [10]. This article provides one of first
technical discussions exploring code application to existing buildings. The article
focuses on fire and life safety requirements. Structural considerations introduced at
this time acknowledged the idea that compromise may be needed, and that existing
performance should be considered in evaluation. The article states that “to success-
fully apply building codes to existing construction, two qualities are necessary: a
knowledge of the subject and a constructive attitude”. The current NBCC appendix
note adopts this philosophy with changes having been made as the code evolved.
Table 1 provides quotes from this appendix note that are relevant to structural require-
ments. The second columnof the table provides the author’s interpretation/experience
related to the application of the requirements.
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Table 1 Division a note 1–1.1.1.1.(1) discussion

NBCC division A: A 1.1.1.1.(1) Discussion/Interpretation

It is not intended that the NBC be used to
enforce the retrospective application of new
requirements to existing buildings

The Code is for new construction and there
should be a clear reason for why it is applied to
an existing building

Depending on the construction of the building
and the changes in load, structural
modifications may be required

Structural modifications should consider
structural system, known deficiencies, and if
load changes are occurring. Knowledge of
historic buildings techniques and why industry
stopped using them is required. Some practices
changed because of experienced deficiencies,
others for constructive practicalities. The
former is a concern, the later is not

Code application to existing or relocated
buildings requires careful consideration of the
level of safety needed for that building. This
consideration involves an analytical process
similar to that required to assess alternative
design proposals for new construction

Existing buildings may require a greater
understanding and depth of evaluation than
used for the equivalent new construction.
Alternative evaluation and design processes are
important. These two sentences suggest that in
some cases application of NBCC Division B
(Acceptable Solutions) may not be the best
way to meet the Code Objectives

In developing Code requirements for new
buildings, consideration has been given to the
cost they impose on a design in relation to the
perceived benefits in terms of safety. The
former is definable; the latter difficult to
establish on a quantitative basis. In applying
the Code requirements to an existing building,
the benefits derived are the same as in new
buildings. On the other hand, the increased cost
of implementing in an existing building a
design solution that would normally be
intended for a new building may be prohibitive

Application of the Code to existing buildings
requires some balancing of priorities

…successful application of Code requirements
to existing construction becomes a matter of
balancing the cost of implementing a
requirement with the relative importance of
that requirement to the overall Code objectives.
The degree to which any particular requirement
can be relaxed without affective the intended
level of safety of the Code requires
considerable judgment on the part of both the
designer and the authority having jurisdiction

Specialized knowledge and experience are
valuable to support decisions regarding Code
application to existing buildings. The
involvement of both the designer and authority
having jurisdiction (AHJ) in discussion is
important

The code notes quoted in Table 1 provide the intent of the code when applied to
existing buildings. The notes provide high level principles but there is much room for
interpretation when confronted with the details of a given project. The application of
the code to existing buildings currently recognizes prescriptive and alternative design
measures (NBCC Division A Clause 1.2.1.1.). The referenced clause has two parts.
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Table 2 JTG-AEB overarching principles

Number Principle Goal of principle

1 Closing the performance gap between the
current code and the existing building
stock

Recognise that requiring extensive
interventions in the existing buildings is
not realistic and expensive, and the focus
is in reducing the performance gap more
so than matching existing performance

2 Maintaining or increasing the life safety
and overall building performance level.
(An alteration cannot make the building
worse)

Interventions must avoid making a
building less safe through application
that lacks consideration or understanding
of the function of existing technology

3 Avoiding negative unintended
consequences or unrealistic expectations

Highlights that an understanding of
existing systems is required to avoid
cases where repair with new techniques
may cause damages. The most common
structural implications are removal of
‘non-load bearing’ systems that have
become load bearing (potentially
unintended), or through repair with
modern materials that damage the
structure they intend to repair (seen
commonly in masonry)

4 Ensuring that when a repair, maintenance
or alteration is in progress, the building
cannot be left in an unsafe state

Recognise that existing buildings
construction sites must be safe

5 All regulatory measures should be
reasonable, pragmatic and effective
(applying Smart Regulation principles)

Address the need for solutions to be
practical. The requirements should not
create a situation where the best solution
is demolition of the building

6 Allowing a degree of flexibility so as to
encourage alterations to existing buildings
rather than placing an undue burden on
owners, which could inspire them to avoid
alterations altogether

Recognise that existing building projects
are unique and strict guidelines are not
always possible. Flexibility will be
important in meeting objectives

7 Allowing a degree of flexibility so as to
preserve officially recognized
(designated/registered) heritage elements

The value that historic buildings must be
recognised as unique, and additional
consideration must be given to their
preservation. Accordingly, greater
flexibility in application of requirements
is needed

8 Regulatory measures and voluntary
programs should complement each other

Encourage greater coordination between
the tools available for both requiring
changes and making it appealing for
owners to undertake changes
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The clause states “Compliance with this Code shall be achieved by (a) complying
with the applicable acceptable solutions in Division B (see Note A-1.2.1.1.(1)(a)),
or (b) using alternative solutions that will achieve at least the minimum level of
performance required by Division B in the areas defined by the objectives and func-
tional statements attributed to the application of acceptable solutions (see Note A-
1.2.1.1.(1)(b)).” Therefore, Division B, titled Acceptable Solutions, can be used as
a (generally) prescriptive approach to meet minimum performance levels. Alterna-
tive solutions are acceptable so long as the evaluation demonstrates they meet the
minimum performance levels of the equivalent Division B requirement.

Division A acknowledges that existing buildings should not be viewed in the
same lens as new construction, and that alternatives are possible. This places a
greater reliance on the designer and authority having jurisdiction (AHJ) possessing
a greater depth of understanding of historic construction, building performance and
the application of the code to existing buildings.

3 JTG-AEB Report

In 2016 the Canadian Commission on Building and Fire Codes established the Joint
Task Group on Alterations to Existing Buildings [JTG-AEB]. The JTG-AEB was
created to address the absence of clear requirements for existing buildings, as this
void was resulting in confusion and could potentially result in unsafe construction
practices. The JTG-AEB started with a look at the energy efficiency of existing
buildings. As the work of the task group progressed it was realized that the focus
on energy efficiency was a technique more suited to new construction. For many
existing buildings, the contribution of diverse building features could contribute to
energy efficiency and overall embodied carbon. This made it less clear than with
new construction what building technologies were contributing to meeting code
objectives. This presented challenges in how to move forward with code changes
that would address the different technologies and construction methods found in
existing buildings.

In August 2019, the joint task group report was released. This report documented
the background of the issue, terms of reference for the task group and made recom-
mendations for improvement of the NBCC. The report was issued to the executive
committee of the NBCC as well as the various standing committees involved with
code development [6].

The JTG-AEB recommended that additional code requirements applicable to
existing buildings was preferable to creating a set of guidelines. It further recom-
mended that a new Part of the Code cover the issue. In creating the recommendations,
eight principles were established to guide the Standing Committees. These principles
are outlined in Table 2.

The overarching principles contained in the JTG-AEB report provide an excellent
foundation onwhich to direct future development work and to structure detailed code
requirements. Much work is required to cover the range of existing buildings in the
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scope of the code. In Canada there are buildings from the 1700s still in use. It will
be a difficult task to cover the range of construction methods from this time to the
present. As stated previously under the current NBCC requirements, it is evident that
a greater reliance will be placed on the designer and authority having jurisdiction
(AHJ) possessing a depth of understanding of historic construction and of building
performance evaluation.

Although the principles contained in the JTG-AEB report provide a good basis for
future code improvements, limited mention was made of the condition of an existing
buildingwhen renovations are proposed. The discussions regarding application of the
code appear to assume that there are no deficiencies in the structure. This is frequently
not the case. Therefore, any discussion of projects involving existing buildings must
first address the question of what is the condition of the existing building? This
question is generally answered by a condition assessment. A condition assessment
identifies deterioration or structural deficiencies that need to be addressed for the
continued use and safety of the building.

4 NBCC Structural Commentaries

The NBCC is supported by technical documentation clarifying intent and summa-
rizing experience in application of the code. The primary reference for structural
issues is the Structural Commentaries: User’s Guide for NBCC Part 4 of Division
B [8]. Many of the commentaries provide context to better understand structural
issues related to existing building. The user of this document is cautioned (Division
B Sentence 4.1.1.5.(2)) that existing buildings often require applying structural alter-
natives. These alternatives are intended for use by persons qualified in the methods
applied as the demonstration of safetymay include evaluation of a full-scale structure,
prototype with load tests, or through studies of model analogues.

The User’s Guide provides detail on use of Limited Sates Design in Commen-
tary A. The commentary provides background on loads that can provide value in
determining the structural capacity of an existing system. Professionals can assume
that prior professionals met minimum conditions of design at the time of construc-
tion. In making this assumption the professionals must know differences in code
requirements at different times. For example:

1965 – prior to this date the designmay not have considered the potential for snow
drifts, and
1970 – prior to this date the code may not have considered blocked drains for rain
load.

If it is known that the structure is in good condition, and that there are no known
problems with the past construction approach, it is possible to use the historic
evaluation technique to set a baseline.

To demonstrate this approach, consider a 1920’s warehouse building. A current
project proposes to add a storey to the building and convert its use for offices. With
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sufficient information on past designs, the original design loads for the foundation
can be calculated. Since the building is changed from warehouse loads to office
loads the design can now consider load reduction factors (which were not allowed in
the 1920’s). With this change it is possible that the load capacity under the current
code for offices is less than the minimum 1920’s case for a warehouse. The combined
knowledge of the 1920’s structural system, vulnerability, and existing condition, may
support the conclusion that an additional storey can be added to the building without
requiring intervention to the foundation.

In Commentary L of the User’s Guide is a summary of the fundamental consider-
ations that guide design for new buildings. These considerations include: life safety;
comfort of occupants; function of the building for its intended use; durability; and
economics. For existing buildings the balance between these variables is different
than for a new structure. When working with an existing building it becomes more
important that there is good documentation. This documentation should cover what
is known of the structure, findings of recent inspections, assumptions used in evalu-
ations and provide a demonstration that the structural evaluation is appropriate. This
documentation should be available for third party review.

Existing building projects frequently require assessment to demonstrate struc-
tural adequacy. Selection of the appropriate methodology or model is essential. One
concern regarding the application of appropriate evaluation techniques relates to the
proliferation of finite elements models (FEM) in analysis of unreinforced masonry
(URM) structures. Some FEMsoftware is based upon beam theory, and aURMstruc-
ture functions in pure compression. This results in a model that defaults to consider
some tensile response that does not exist for the actual structural mechanics. Pure
compressive structures are no longer built. Many of the FEM software packages can
manage URM without difficulty, but designers must be aware of the software’s base
assumptions.

An additional challenge arises in selecting the appropriate analysis method for an
existing building. This challenge relates to definingwhat is a structure. Current design
approaches take measures to separate different components in the building, some of
these decisions help ensure that the structural system will be the stiffest elements
and take the applied load. However, an existing building may not have these details.
The designer must understand how the building is currently functioning as it has
been found that the stiffest elements will take load until a failure point is reached.
For example, plaster and lath systems may increase a ‘partition’ walls stiffness to
the point that it becomes load bearing. There are instances where past changes to a
building unintentionally increased the structural load on a ‘non-load bearing wall’.
In determining what is a structure, it is important to exercise caution.

Professionals working with existing buildings continues to learn more about how
these buildings function and distribute loads. Past performance of the building does
provide a measure of its structural capacity. A building is a full-scale model of
itself. Therefore, if there is no damage, distress or deterioration; if load paths are
in good condition; if there are no changes to use or loading conditions; and if these
conditions have been stable for 30 years, we can assume it will continue to be stable.
This approach should be supported by a condition assessment and a building history
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that confirms loading conditions are not changing. A simple building change such
as adding roof insulation can result in changes in the snow load. Where this has
occurred the past performance may not continue and assumptions on stability are no
longer reliable.

5 Other Provincial Code Considerations

Building codes are adopted provincially, and some provinces have different
approaches to howexisting structures are addressed.Ontario andQuebechave created
a separate part of their codes on existing buildings, while other provinces include
information in their legislation when adopting the NBCC that pertains to existing
buildings. Most of this information relates to energy efficiency, accessibility, fire and
life safety. The most common structural requirements are in line with the discussions
in the previous sections of this paper.

6 International Design References

The Canadian Codes stress that existing buildings must be viewed differently than
new construction. The NBCC provides guidance for design with existing structures,
and provides an option for alternative solutions to accommodate unique conditions.
This approach requires knowledgeable professionals and the exercise of engineering
judgement. Internationally there are similar challenges with how to address existing
buildings. The International Existing Building Code produced in the United States is
one example of a code specific to existing buildings [12], as are various ASCE stan-
dards such as ASCE 11 Guideline for Structural Condition Assessment of Existing
Buildings [3] or ASCE 41 Seismic Evaluation and Retrofit of Existing Buildings [4].
These documents provide good prescriptive based information and provide greater
technical depth on the subject than is available in the NBCC. The ICOMOSCharter –
Principles for the Analysis Conservation and Structural Restoration of Architectural
Heritage (commonly referred to as the ISCARSAH Principles) [11], and the Interna-
tional Standard ISO 13822 – Bases for design of structures – Assessment of existing
structures [13] provide clear guidance on special cases. The former, provides high
level thoughts and process, while the later provides greater detail and evaluation
information.

The ISCARSAH Principles were developed for structural work on internationally
important historic sites. The principles were designed to be practical, think long
term, and avoid causing future problems. Although developed for historic sites, these
general principles are similar to the JTG-AEB principles and can be readily applied
to all existing structures. Some of the ISCARSAH principles worth highlighting
include:
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• Use a multi-disciplinary approach. It is important that all those involved with
design can participate in discussion early, it is easier to reduce the extent of
interventions required and save resources.

• Use of a medical approach instead of a design approach. The importance of
spending additional time to understand the structure, both the history and current
state, in trying to determine the root causes for any deterioration (diagnosis).
Ensuring the diagnosis of the problem is clearly defined, and that multiple poten-
tial treatments (remediation measures) are considered. Determine if continued
monitoring of the building health is appropriate.

• Understand the benefits and harms before taking action. Where a building exists,
any change will have impacts both positive and negative.

• Process information to first establish a general plan, then make the evaluations
more detailed as a design progress.

• Ensure that diagnoses and evaluations are based on quantitative, qualitative, and
historic approaches. If the information sets do not align, the building is not
adequately understood. For example, if quantitative analysis finds that a structure
could not carry its own dead loads, yet the past winter saw considerable snow load
on the building for an extended period, there is a disagreement (misalignment)
between quantitative and historic data.

• A full understanding of structural and material characteristics is required.
• Alternative measures should be documented in a report. This is important both

for future professionals as well as to ensure that quality oversight is occurring.
• Greater emphasis should be placed on evaluation/design thanwith projects for new

construction. Thiswill helpminimise the required construction interventions, save
resources and reduce the last minutes changes for unforeseen issues.

• Ensure all interventions are compatible with the existing structure and materials.

The ISO13822 standard contains valuable technical information. This standard looks
at four situations where structural assessment would be necessary for an existing
building: where the use or design life changes; where greater reliability is required
(seismic being the most common); where deterioration to the structure has occurred
and needs to be addressed; and where there is structural damage due to accidental
actions. The standard provides a progressive procedure, including additional early-
stage steps, to determine the scenarios and preliminary data requirements. It also
provides discussion regarding the importance of a verification process and plausi-
bility checks as a formal part of the design process. ISO 13822 references various
other ISO standards as sources for more details, however the process can easily be
applied to any limit states concept. The appendices provide a wealth of information,
such as: an outline of the steps in an evaluation; information on how a structure’s
probability density function can change over its service life; and details on how the
probability density function should be calculated. The steps laid out in this document
are clear and progressive.



474 T. Morrison

7 Recommended Process for Existing Buildings

The international references discussed previously support the need for a defined
process for engineering projects with existing buildings. Any engineering process
should have defined steps with a clearly stated purpose for each step. This paper
outlines a suggested process in Table 3. The process is intended for the initial steps
of a project before detailed assessment begins. The third column of the table provides
examples to explain why each step is important. Each example was intended to be
illustrative of the step and is only one of many that could be provided.

Table 3 Additional early existing building intervention steps

Step* Purpose Example

Define objective Ensure that the objective of the
project is clear to all
participants to avoid potential
confusion

The request to ‘bring a
building up to code’ is
common among the public and
used interchangeable by some
to mean a building is safe for
continued use. Assumptions
and errors here quickly
propagate into larger problems

Determine potential scenarios
and what is changing

Conceptual review of what is
changing. Consideration of the
changing scenarios, and how
that will impact evaluation.
This step is not required for
new construction. Take time to
understand how the building
resists global forces, and how
load paths function holistically
should fit into the scenario
review

In one past project new
damages were occurring after
a recent intervention.
Evaluation eventually found
that in the intervention the
designer had judged a wall
system to function as a stud
wall, where the actual system
functioned as a series of posts.
This led to repairs that
compromised the lateral force
resisting system

Review of background and
prior documentation

Understanding the building
past provides clues for further
inspection and analysis. Period
of construction, techniques and
technologies used are
important knowledge for future
steps. Prior documentation may
provide a record of specific
problems or demonstrate that a
past issue has been addressed

A past project had a
cantilevered stone masonry
spiral stairwell with an open
centre. Two sets of background
information influenced
evaluation significantly: first,
design guides from the 1890’s
that showed how such a stair
functions and is constructed;
and second, a record of a prior
load test when concerns arose
previously. This research
changed evaluation needs at
relatively low cost

(continued)
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Table 3 (continued)

Step* Purpose Example

Visually based condition
assessment

Identify changes, deterioration,
and stress locations in the
building. Most existing
building problems relate to
inadequate past maintenance.
With training, structural
stresses and deficiencies can be
identified in a visual review of
a building. This visual review
must be detailed and will direct
where further information is
required

Crack patterns in a building
can be used to ‘see’
movement. Crack patterns in
plaster can be used to identify
regions where greater than
acceptable movements are
occurring. In one project this
raised concerns in a portion of
the building thought to be
stable, and eventually revealed
foundation problems

Preliminary evaluation checks Before detailed information is
available it is possible to
undertake preliminary checks
to understand where stress
concentrations may be
occurring, or use bounding to
determine if more detail is
necessary

Many pre 1920 vernacular
structures include wood frame
roof systems that do not lend
themselves to easy structural
analysis. Preliminary
evaluation is an opportunity to
make assumptions and gain an
understanding of where stress
could be concentrated and
where additional focus
provides the most benefit

Recommend-ations for next
steps

Document recommendations
as well as if any immediate
actions. The initial steps will
help focus the detailed
assessment and future
construction intervention
thereby reducing costs

Some past projects had the
global plan change due to
findings during the initial
stages
In one project the original
project was focused on the
roofing system and structure,
until the preliminary data
revealed greater deterioration
in in the upper masonry walls
of the building. These walls
had not been considered
previously, as they were
recently repaired. The past
repairs were with
incompatible materials
In a separate project the initial
recommendations found that
by grading the wood structure
in service (allowing knots in
the compressive regions of a
joist) and focusing on a
broader material investigation
would reduce the structural
intervention needs

* These steps are outlined as a starting point for discussion.
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Current design practice allows each specialty to proceed independently from
others. In most existing buildings this is not possible. The number of exceptions
at a detailed level makes it difficult to approach the codification in the same way the
Division B of the NBCC approaches new design, future codes requiring either a new
part or a portion of each Part dedicated to the topic.

8 Conclusions

There is evidence that a significant portion (44%) of construction activity involves
existing buildings. Given the impact of construction on the environment, it is likely
that there will be increased construction activity with existing buildings as a solution
to observed negative impacts. Design and construction professionals need to prepare
for this increased activity by improving their knowledge base and design processes.

Codes, standards, and technical guidelines for projects involving existing build-
ings acknowledge that they should not be treated the same as new construction.
Technical literature highlights the importance of specialized knowledge for those
responsible for this work. Specialized knowledge is needed on historic construction
methods and materials; structural issues related to building function over its service
life; and the selection of structural assessment methods appropriate to the building
being evaluated. Currently in Canada there are limited resources and educationmate-
rials available dedicated to structural engineering for existing buildings although this
information is available internationally.

International standards for existing buildings also highlight the importance of a
clear design process. This process should account for the history of the building,
include a condition assessment, and utilize appropriate evaluation methods. Because
of the unknowns and specialized nature of these buildings all work steps need to be
clearly documented. Existing building projects conducted under the responsibility
of knowledgeable professionals and following a defined process should result in
reduced costs for the owner while helping professionals meet their obligations to the
public, the environment, and the workplace.
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Input Motion Scaling for Seismic
Evaluation of Rocking Components
in Canadian Nuclear Power Plants

Amitabh Dar, Dimitrios Konstantinidis, and Wael W. El-Dakhakhni

1 Introduction

The seismic response of a damped oscillator depends on its natural period, which is
independent of the vibration amplitude, and damping ratio. Attempts to represent a
rigid block by a damped oscillator have been evaluated and found to be fundamentally
flawed and numerically inaccurate [4, 12]. The period of a freestanding rigid block
depends on its amplitude that is governed by two parameters: the size and slenderness
of the rigid block. These two parameters are complimentary to each other in the
sense that, to prevent overturning for a given excitation, the right combination of
slenderness and size is required [5]. Therefore, scaling a block’s size would alter its
response unless the excitation is also scaled. The purpose of this study is to determine
the appropriate scaling of the input motion that would result in the same response
in the reference and candidate components. If the dimensionless responses of the
reference and the candidate block (with respect to dimensionless time subject to their
respective excitations) are the same, the block responses are said to be ‘self-similar’
[6]. The dimensionless rotation is the spatially normalized rotation (actual rotation θ

divided by the slenderness angle α of a block; see Fig. 1), referred to as normalized
rotation (or response) hereinafter. Similarly, the dimensionless time is the real time
multiplied by the frequency parameter of the block, p =

√
3g/4R (also known as the

size parameter, the term used in this paper), and is referred to as normalized time
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Fig. 1 a Schematic of a rocking block. b Pre and post impact rotations

hereinafter. R is the radius of the block (see Fig. 1). Dimitrakopoulos and DeJong [6]
investigated the self-similarity in the responses of rocking blocks subjected to pulse
excitations. Several other authors (e.g., [1, 7, 9, 11, 13, 14]) have used dimensional
analysis in an effort to uncover self-similar responses. This study focuses on utilizing
the concept of self-similarity for scaling the excitation to obtain the normalized
response against normalized time of a scaled candidate block (the model) that would
be equal to that of the full-size reference block (the prototype) subject to the unscaled
excitation. The focus here is on obtaining the normalized response by varying the
size and not the slenderness of the candidate block. Overturning is assumed to occur
when normalized response is equal to or exceeds unity.

The simplest form of excitation is a rectangular pulse. For a block to uplift,
the minimum amplitude of a rectangular pulse excitation is required to be tan(α)g.
However, to sustain the response, the pulse must continue up to the time required to
overturn the block. A rectangular pulse magnitude which is just above tan(α)g would
require longer duration to overturn a large block but smaller duration to overturn
a small block. Thus, slenderness governs the magnitude and size governs the time
of the excitation required to overturn the block. This study utilizes this concept in
determining the spread of spatially normalized excitation amplitudes over normal-
ized and real time scales. The adjective “real” is used herein only to highlight its
difference from normalized time. Sufficient friction is assumed at contact points,
and sliding is not considered. The reader interested in the dynamics of a sliding-
rocking block, including the effects of impact with and adjacent wall, is referred to
Bao and Konstantinidis [2]. In nuclear power plants, the common range of the slen-
derness angle based on unanchored components that required seismic qualification
(such as slender unreinforced masonry to stocky rigid scaffolds) varies from 0.2 to
0.6.
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2 Review of Rocking Block

Figure 1(a) shows the schematic of a rocking block, experiencing positive rotation,
subject to base acceleration, Yim et al. [15] presented the equations of motion of the
rocking block as,

θ̈ = − p2
[
sin{α sgn(θ) − θ} + A

g
cos{α sgn(θ) − θ}

]
(1)

sgn(.) denotes the signum function. Other parameters are as defined in Fig. 1.
Damping due to impact is accounted for by modifying the post-impact velocity θ̇2
by multiplying the pre-impact velocity θ̇1 by the coefficient of restitution given by
Housner [8]

e = 1 − 3

2
sin2α (2)

Figure 1(b) shows a rigid block under free vibrationwith initial rotation, θ0 = ξ0α,
and the maximum rotation after the first impact, θ1 = ξ1α. The maximum rotation
after the nth impact was given by [8] as

ξn= 1 −
√
1 − e2n

[
1 − (1 − ξ0)

2
]

(3)

It is noted that Housner [8] used the ratio of angular velocities squared to define a
parameter r, which is equal to e2. Therefore, the expression for obtaining the angular
amplitude after the nth impact in Housner [8] contains rn and not r2n. The period of
free vibration was given by Housner [8] as

TH = 4

p
cosh−1

[
1

1 − (
θ0
α

)
]

(4)

Overturning is defined when normalized rotation θ/α = 1, although it is known
that the blockmay survive rotation beyond this limit [10, 16]. The numerical solution
of Eq. 1, together with the constraint described by Eq. 2, is obtained by state space
formulation, and referred to as numerical hereinafter.

3 Rocking Block Dynamics

3.1 Rocking Response of a Slender Block

Rewriting Eq. (1) for small α gives the following second order differential equation.
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θ̈ = − p2
[
α sgn(θ) − θ + A

g

]
(5)

Dividing Eq. 5 by α gives

θ̈n = − p2
[
sgn(θn) − θn + An

g

]
(6)

where, θn = θ/α is the normalized rotation of the block with respect to α, and
An = A/α is the normalized excitation, A, as a function of real time.

3.1.1 Normalized Equation of Motion with Respect to Normalized Time

Considering the normalized time, tN, as p t, the normalized rotation as a function
of normalized time is expressed as θN = θn(tN). Differentiating θn with respect to t
leads to, θ̇n = dθn/dt = (dθn/dtN)(dtN/dt). The derivative of θn with respective to tN,
is expressed as θ′

N. Hence, θ̇n = pθ
′
N and θ̈n = p2θ

′′
N. An with respect to tN is AN,

meaning, AN consists of the amplitudes of An plotted against normalized time which
would appear to be stretched or compressed against real time. Rewriting Eq. 6 in
terms of θN and AN gives the size and slenderness normalized equation of motion as

θ
′′
N = − sgn(θN) + θN − AN

g
(7)

The appearance of Eq. 7 can be misleading that it is independent of size and
slenderness which it is not. As observed in the sequel, the spread of AN would be on
its original duration times the value of p being considered (Table 3).

Table 1 Example blocks considered in this study

Example number Slenderness (α) (rad) Size (p)* (1/s) Radius (R) (mm) Excitation

1 0.2 1/2 29420 Free vibration

2 0.2 1 7355 Free vibration

3 0.2 2 1839 Free vibration

4 0.2 3 817 Sine pulse

5 0.2 4 460 Sine pulse

*Sizes p = 1/2 and 1 are used for simplicity of numbers. Such sizes are not common to nuclear
power plants but to other applications such as a bridge pier

Table 2 Sine pulse excitation Pulse number Frequency (ωg) (rad) Amplitude (ag/αg)

1 3 1.2

2 2 1.2
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Table 3 Scaling of excitation frequencies

p (1/s) Frequency (ωg)
(rad/s)

Scaled frequencies ωgsi Normalized frequency(
ωN = ωgsi/psi

)
ps1 = p/2 ps2 = p ps3 = 2p

ωgs1 = ωg/2 ωgs2 = ωg ωgs3 = 2ωg

2 3 1.5 3 6 1.5

2 2 1 2 4 1

Table 4 Excitation scaling

Earthquake
record

PGA (g) Time interval
�t (s)

Scaled interval (�t)

Reference p =
2/s

Candidate p =
1/s

Candidate p =
4/s

�ts1 = �t (s) �ts1 = 2�t (s) �ts1 = �t/2 (s)

El Centro
1940 Array # 5

0.313 0.01 0.01 0.02 0.005

Northridge
1994 station
24,278

0.568 0.01 0.01 0.02 0.005

San Fernando
PCD 164
station 279

1.226 0.01 0.01 0.02 0.005

3.2 Free-Vibration Response of Rocking Block

For free vibration, the block is lifted to an initial angle θ0 and released. Defining, ξ0 =
θ(0)/α and considering positive rotation (sgn(θ) = 1) with respect to normalized
time, tN = pt, the solution of Eq. 7 is given as

θN = −ξ0cosh(tN) + [1 − cosh(tN)] (8)

Figure 2 shows the free vibration response for the first three slender block
examples (Table 1) with α = 0.2 and p = 1/2, 1 and 2 with the initial normal-
ized rotation ξ0 = 0.99. Here, p = 1/s belongs to the reference block and the
rest represent the candidate blocks. This initial normalized rotation leads to the
subsequent maximum normalized rotations after the first and the second impact as
ξ1 = 0.661 and ξ2 = 0.535 obtained from Eq. 3 [3]. Figure 2(a) shows the numeri-
cally obtained normalized response, θn, for a slender reference block with p = 1, for
three initial normalized rotations: ξ0 = 0.99, ξ1 = 0.661 and ξ2 = 0.535 against
the time scale that is normalized by the period of the block given by Eq. 4. It is
obvious that for every initial rotation, the block would attain zero rotation at the time
equal to quarter of its period leading to t/TH = 0.25 on the horizontal axis. The three
curves in Fig. 2(a) represent the block’s rotation before impact and after the first and
the second impact. A combination of these in various orientations fits the curve in
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Real time solution   
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ξ2=0.535

ξ1=0.661
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1
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1

0
0 0.25

Max duration = 12 time units

Fig. 2 Free vibration response of the first three blocks listed in Table 1 with p = 1/s representing
the reference block: a Quarter-cycle response against real time normalized by Housner’s period. b
Normalized responses against normalized time tN = pt for three values of p c Responses against
real time for three values of p for 12 s, and, the real time solution for = 1/s from Eq. 1

Fig. 2(b) which shows normalized rotation for the three values of p, against normal-
ized time, tN. Figure 2(c) depicts the same against real time, t. All responses coincide
with each other, or collapse [6] to one curve in Fig. 2(b). As shown in Fig. 2(c), the
reference block (p = 1/s) response remains the same whereas the other responses
are either stretched or compressed on the time scale. Since α = 0.2 for all cases,
the coefficient of restitution (Eq. 2) remains the same for all cases. Also shown in
Fig. 2(c) is the real time solution for p = 1/s, matching with the solution of Eq. 6
(for p = 1/s) plotted against real time.

3.2.1 Peak Normalized Rotation vs Normalized Time

Thepeaks andvalleys of all response curves inFig. 2(b) and (c) are equal inmagnitude
irrespective of their differences in p. Thus, the amplitudes of the candidate blocks
(p = 1/2 and 2) are equal to those of the reference block despite being stretched or
compressed on time scale. Nevertheless, the focus here is on normalized response
amplitudes rather than their timing of occurrence and hence no information is lost
or distorted.

3.3 Sine Pulse Excitation Response

Figure 3(a) presents the defining characteristics of a sine pulse excitation,

A(t) = −ag sin
(
ωgt + �

)
(9)

and Fig. 3(b) shows the two sine pulses from Table 2 and their summation Excita-
tion scaling for two candidate blocks is presented below on the basis of the reference
block. For scaling the half-sine pulse excitation, the reference block is chosen as
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Fig. 3 Sine pulse details: a typical sine pulse parameters, b two sine pulses and their summation
from Table 2 on real time, c on normalized time pt for p = 2/s, d Pulse 1 at three frequencies in
proportion with the three values of p

example number 3 block in Table 1 with p = 2/s and α = 0.2. The response ampli-
tudes of the candidate block are required to be the same as of the reference block by
scaling the excitation. Thus, there are three size parameters p1 = ½ p, p2 = p and
p3 = 2p. The ground excitation frequency ωg, corresponding to the block with the
size parameter, p, is scaled in the same proportion as pi/p for the ith p. Table 2 shows
the scaled ground frequencies corresponding ωgsi to pi. The normalized frequency
ωN = ωgsi/pi is the same for all three cases.

Three responses are shown in each chart in Fig. 4 for p/2, p and 2p. The top and
bottom rows show responses for the sine pulse excitations number 1 and2 respectively
from Table 2. The first column shows normalized response over real time and the
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Fig. 4 Response to half sine-pulses from Table 2 for p/2, p and 2p with the reference p = 2/s.
Top and bottom rows for sine pulse 1 sine pulse 2 (Table 2) respectively. Left and right columns:
normalized response over normalized time on left and over real time on right
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second column shows normalized response over normalized time. Similar to the
observations in Fig. 2, the response amplitudes in each row are equal. A block’s real
response time gets stretched or compressed over the time axis, but its amplitudes
remain the same as illustrated in the bottom row and first column of Fig. 2 where
line 1 joins the first, line 2 the second and line 3 the third peaks of the individual
response curves. This example demonstrates that the excitation frequency can be
scaled in the same proportion as the candidate p and reference p in order to get the
same normalized response that would be obtained for the reference block of size p.

3.4 Summation of Sine Pulses

Figure 3(c) shows that considering the normalized frequencies, ωNi = ωgi/p, over
normalized time, pt, of the two pulses would turn their summation into a function of
normalized time, stretching or compressing for different values of p as the individual
pulses. This means that stretching or compressing the time axis, the frequencies
are automatically scaled. An earthquake record can be expressed in terms of the
summation of orthogonal continuous harmonic functions. For scaling, all individual
sine and cosine frequencieswould be scaled in the same proportion, by the same value
of p. Hence the entire record would be stretched or compressed on normalized time
scale. This principle is applied in the next section to deal with earthquake records.

3.5 Scaling of Earthquake Records

Extending the observations for pulse excitation to earthquake excitation, the time
interval of the earthquake record for the candidate component can be scaled by
a factor given by the ratio of the reference component p value and the candidate
component p value. The time interval will be decreased if the candidate p is larger
(i.e., smaller block) than that of the reference p, and vice versa. This concept is
demonstrated with the help of Fig. 5 and Table 4.

Time interval of the three earthquake records considered in the analysis, El
Centro 1940 (Array #9, 180) Northridge 1994 (090 CDMG station 24,278), and
San Fernando 1971 PCD 164 is 0.01 s. The reference block’s size parameter, p =
2/s. It is desired to scale the records for the candidate blocks with size parameters, p/2
and 2p. For the candidate size p/2, the time interval is doubled to 0.02 s, stretching
the entire record to twice its duration. Similarly, for the candidate size 2p, the time
interval is reduced to 0.005 s, reducing its duration to half. Table 4 lists these details
along with the peak ground accelerations (PGA) of all records. Again, appropriate
scaling of the time interval causes the responses to collapse to a single response
history.
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Fig. 5 Scaled earthquake records responses of the reference block (p = 2/s) and the candidate
blocks with size parameters p/2 and 2p. Top row: El Centro Array #9, 180. Middle Row: Northridge
1994 090 CDMG station 24,278. Bottom row: San Fernando PCD 164

4 Conclusions

From this study, it is concluded that the excitation time history resulting in the same
response of the candidate block as of the reference block to the real time history can
be obtained by scaling the excitation time history of the reference block by stretching
or compressing the time axis in proportion to the ratio of the size parameters of the
two blocks. For an earthquake record, the time interval or the time step can be scaled
depending on the ratio of the size parameters of the reference and the candidate block
and numerical solution can be obtained over the normalized time. In simple words,
for two blocks with the same slenderness, slower excitation of a large block would
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produce the same normalized response (θ/α) as of a smaller block subjected to faster
excitation.

The normalized response amplitudes of two blocks having same slenderness but
different sizes remain the same over real time but their timing of occurrence becomes
different. Nevertheless, the focus is on the normalized response amplitudes of a block
rather than their timing of occurrence. In other words, the focus of the study is to
know if a block would overturn when subjected to a particular excitation rather
than its timing of overturning. This concept can be used to appropriately scale the
time axis in shake table evaluations of scaled-down models of prototype (reference)
components. Suitability of such time histories in accordance with the applicable
standards is a subject of further research and is beyond the scope of this study.
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Improving Wind Performance
of Structural Systems of Tall Buildings
Using Topology Modifications

Magdy Alanani and Ahmed Elshaer

1 Introduction

Nowadays, about 60% of the consumption of worldwide resources is related to
the Construction industry [21]. According to the Organization for Economic Co-
operation and Development (OCED), an intergovernmental economic organization,
increasing world’s demand for construction materials coupled with an increase in the
world’s population imposes a risk that providing the required amount of construc-
tion materials per capita will be impossible using the current design and construction
methodologies. Moreover, the Construction industry is responsible for 28% of oper-
ational carbon emissions and 11% related to the materials and construction process
with an overall 39% of global energy-related carbon emissions [25]. These facts
are an alert to reduce carbon emissions to avoid exceeding the earth’s remaining
carbonbudget.Consequently, it becomes a crucial objective for structural designers to
provide more optimized and cost-effective structures while maintaining the balance
between aesthetics, serviceability, and safety of structures [2]. While the world’s
urban cities are growing up with the aid of the latest technologies, these technolo-
gies push tall buildings to their limits. Tall buildings mainly depend on lateral load
resisting systems (LLRS) (i.e. shear walls, cores, and bracing systems) to withstand
earthquakes and wind loadings. Whilst a minor change in their layout, size, or shape
will affect the cost tremendously.

Originally, amethodologywas developed to get frameswith theminimum amount
of materials to resist certain elementary systems of forces using Maxwell’s Theorem
of virtual work [16]. This methodology got developed in a more rational way to
include a discrete finite number of bars taking into consideration the structural weight
of bars and joints [19].
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Structural wind optimization can generally be categorized into (i) outer shape
optimization and (ii) structural system optimization. As for outer shape modifica-
tions, it aims to increase the aerodynamic performance of structures against wind.
Besides the architectural perspective of the outer shape of buildings, changing the
outer shape has a significant impact on the attracted wind loads through the aero-
dynamic behaviour of the building [3, 4, 8, 9, 12]. On the other hand, structural
system optimization is to find the optimal structural system layout within a group
of constraints. In the last decades, there are many research work has been done on
the topology optimization of the LLRS. Most of the literature tackled the optimiza-
tion either from an architectural perspective or from a structural one. Architectural
optimization focuses on spaces and accessibility of floors and rooms [13, 20]. While
most of the previous structural optimization research focuses on the vertical layout of
the LLRS. For example, topology and element size optimization was applied on the
braced systems using hybrid algorithms of optimality criteria and genetic algorithms
[5]. [11] used a new metaheuristic algorithm named “Center of masses” to apply
topology optimization on steel bracing systems. [14] tried to allocate outriggers
within tall buildings using topology optimization. [15] developed a mathematical
gradient approach that allocates optimal bracing systems on a pre-existed frames.
Unlike the latter discrete approach, a continuous topology optimization approach
was applied to find the optimal placement of bracing systems. [22] experimented
pattern gradationwith topology optimization, and it achieved a good balance between
aesthetics and structural requirements. Moreover, various applications of structural
topology optimization on tall structures have been introduced using the solid isotropic
material with penalization (SIMP) [18, 24].

Not only altering the vertical layout of LLRS is the only way to optimize tall
structures against various lateral loading conditions, but also changing the location
of the LLRS within the structure domain can affect the overall structural perfor-
mance. For instance, a group of predefined shapes (e.g. T, Z, and L) have been
investigated to find the optimal placement for reinforced concrete shear walls within
an asymmetric plan against seismic loading [1]. These predefined shapes will yield a
better-performing solution to a certain limit bounded by these shapes. [26] developed
a computational method to find the optimal shear wall location within an architec-
tural layout with more flexible shape formations. However, Complex architectural
consideration can be a barrier against reaching the targeted solutions. [23] proposed
applying a new metaheuristic algorithm to satisfy a group of structural requirements
within the design process (e.g. structural behaviour: flexural and shear resistance) and
a group of architectural requirements (e.g. openings). The accessibility constraints
within this algorithm still face problems with the complex architecture plans. It also
did not consider the changes of the shear wall cross-section along the building’s
height, besides assessing the shear wall performance using sectional analysis.

In the current study, a 20-stories building’s wind performance is assessed against
the shear walls’ location alteration within architectural constraints using the Finite
Element Method. Four different scenarios are proposed in order to check the effi-
ciency of altering the LLRS location within the building’s layout while using the
same amount of materials and the same LLRS’s orientation. This assessment is
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trying to enhance the applicability and the practicality of choosing the LLRS location
according to the best structural performance.

2 Case Study

Amultistory residential building of 20 floors, each of 3.5 m height, is adopted in this
study. A single symmetric benchmark layout of rectangular-shaped flat slabs with
dimensions of 24.75 × 18.75 m is used. A superimposed dead load of 5 kN/m2 and
a live load of 1.9 kN/m2 are applied to all slabs. The layout is designed according
to the Canadian Standards Association CSA 23.3-14 [6] using concrete of f ′

c =
35MPa and steel reinforcement ASTM992 of grade 50. The ultimate limit state and
serviceability limit load combinations are used for designing structural elements.
The selected building is designed to resist a mean-hourly wind velocity pressure, q,
of 0.39 kPa, importance factor, I, of 1, and topographic factor, Cg of 1. The terrain
is considered open terrain with no topology effect. As shown in Fig. 1, twelve shear
walls are arranged through the plan with equal distribution of stiffness in both X and
Y directions. The center of mass and center of rigidity are chosen to coincide through
the arrangement of the shear walls to minimize induced torsion. Six shear walls are
oriented vertically while the remaining six shear walls are oriented horizontally.
Each shear wall segment is of 3000 mm length and 300 mm thickness as illustrated
in Fig. 2 (a). Each floor is supported by 14 columns of 750 × 750 mm cross-section
dimensions and 2.5% steel reinforcement, as shown in Fig. 2(b). The finite element
method analysis is performed using ETABS [7].

Fig. 1 a Benchmark plan layout, Concrete dimensions, and reinforcement detailing for cross-
sections of b Shear wall segment and c Column
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Fig. 2 Structural plan view of a Scenario 1, b Scenario 2, c Scenario 3, and d Scenario 4

In order to assess the effect of shear walls’ location alteration around the plan, 4
different scenarios of the predesigned benchmark structure are proposedwith various
layout scenarios of the LLRS as shown in Fig. 2. All scenarios have the same amount
of materials used in the first benchmark structure by maintaining the predefined
reinforced concrete dimensions and steel reinforcement ratios.Also, the samenumber
of columns, shear walls, reinforcement bars, and slabs are maintained.

3 Results and Discussion

In this section, inter-story drift, base moment, base shear, and torsional effect will
be assessed for the 4 scenarios along with the benchmark to examine the effect of
alteration in the shear wall distribution.



Improving Wind Performance of Structural Systems … 495

3.1 Inter-story Drift and Top Deflection

The inter-story drift and top deflection displacement are considered effective param-
eters that affect the design process to ensure the serviceability of the building through
various lateral loading cases. According to the NBCC, the total allowable drift per
story against wind and gravity loading shall not exceed 1/500 [17]. Although the
benchmark building is designed to satisfy that limit, the four proposed scenarios
show different behaviors either by exceeding this limit or by being conservatively
safe. Figure 3 and Fig. 4 show the maximum story drift and displacement in X-
direction and Y-direction, respectively. It can be noticed that Scenario 3 shows great
efficiency in resisting the wind effect in X-direction by reducing the maximum story
drift by 83% compared to the benchmark. On the other hand, Scenario 2 increased
the story drift by 43%, which exceeds the allowable drift according to the NBCC.
While in Y-direction, Scenario 3 has failed to satisfy the maximum allowable drift
in the Y-axis direction due to the reduced stiffness compared to the larger windward
and leeward faces. Although Scenario 1 has the least reduction in story drift in the
X-direction by 18%, compared to Scenario 3 and Scenario 4, it is the only scenario
that satisfies the limit in the Y-direction.

Fig. 3 a Maximum story drift, and b maximum story displacement in X-direction due to wind
loading
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Fig. 4 a Maximum story drift, and b maximum story displacement in Y-direction due to wind
loading

Fig. 5 a typical floor with shear wall labels, b 3D view of the structure, and c the bending moment
diagram against wind loads in X-direction of the benchmark model

3.2 Base Moment and Shear

The total internal forces induced at the base level are all equal due to the consistency
of the number of structural elements used. However, each shear wall segment (i.e.,
3.0 × 0.3 m) sustained a different share of these straining actions based on their
orientation and location within the building as shown in Fig. 5. Table 1 shows the
bending moments’ standard deviation at the base level, per each shear wall segment,
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Table 1 Bending moment standard deviation values at the base level

Scenario Bending moment mean
values (KN.m)

Standard deviation
(KN.m)

Maximum flexural
demand/Capacity (D/C)

Benchmark 3855.95 3932.62 0.887

1 3371.98 3432.36 0.849

2 3711.34 1767.24 2.609

3 4832.35 0.73 0.816

4 4638.91 2161.98 1.278

in addition to the maximum demand-to-capacity (D/C) ratios for all scenarios. It can
be noticed that Scenario 3 induced the highest mean for the bending moment per
segment with the lowest standard deviation, which is attributed to the fact that all
shear wall segments are connected to form a higher stiffness LLRS. This scenario has
an almost equal distribution of bendingmoment all over the shear wall segments. The
noticeable variabilities in the straining action for each shear wall segment indicated
the possibility of decreasing the governingD/C for theLLRSby altering their location
and orientation. The maximum D/C ratio of Scenario 3, lowest story drift in X-
direction, is decreased by 9% compared to the benchmark scenario, which can result
in a possible saving in the reinforcing steel if the structure is redesigned. Furthermore,
Scenario 1, which satisfies drift limitations in X and Y directions, reduced the D/C
ratio by 5%.

3.3 Torsional Effect

The distance between the center of rigidity (CR) and the center of mass (CM ) for the
floor is a function in the shear walls’ layout, which indicates the expected torsional
effect on the LLRS. Figure 6 displays the eccentricity in the X-direction (Ex ) only,
as CR and CM are coincide in the Y-direction due to symmetry. It has been taken
into consideration to propose significant variations in the shear walls’ layout to get
different eccentricities. It can be noticed that, Scenario 4 has the largest Ex , while
Scenario 2 has the smallest Ex , due to symmetric shear walls in both X and Y
directions.

Table 2 shows the mass participation ratio for each scenario in X-direction (UX),
Y-direction (UY), and the torsional rotation around Z-axis (RZ). Scenario 4, with
the highest eccentricity, is the only scenario that showed torsional contribution in the
first mode shape. A torsional mode shape is found to occur in the second mode of the
benchmark, Scenario 1 and Scenario 4. As for the benchmark, Ex has a significant
value of 1.7 m. For Scenario 1, the concentration of rigidity in the middle of the
plan resulted in weaker peripherals, which induces a higher torsional mode, while in
Scenario 4, the rigidity of the LLRS is shifted from theCM of the structural causing a
torsional mode in the second mode. On the third mode shape, Scenarios with smaller
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Fig. 6 Distance between the center of rigidity (CR) and the center of mass (CM )

Table 2 Mass participation ratio for all scenarios

Benchmark Scenario 1 Scenario 2 Scenario 3 Scenario 4

Mode UX UY RZ UX UY RZ UX UY RZ UX UY RZ UX UY RZ

1 0.65 0.00 0.00 0.65 0.00 0.00 0.65 0.00 0.00 0.02 0.62 0.00 0.00 0.59 0.07

2 0.00 0.34 0.32 0.00 0.05 0.63 0.00 0.66 0.00 0.62 0.02 0.00 0.00 0.06 0.59

3 0.00 0.31 0.34 0.00 0.61 0.05 0.00 0.00 0.65 0.00 0.00 0.65 0.64 0.00 0.00

4 0.18 0.00 0.00 0.00 0.01 0.15 0.00 0.17 0.00 0.01 0.19 0.00 0.00 0.15 0.02

5 0.00 0.07 0.09 0.17 0.00 0.00 0.18 0.00 0.00 0.20 0.01 0.00 0.00 0.02 0.17

6 0.00 0.11 0.08 0.00 0.17 0.01 0.00 0.00 0.17 0.00 0.07 0.00 0.20 0.00 0.00

eccentricities (i.e. Scenario 2 and Scenario 3) start to show mass participation in
torsional rotation around Z.

4 Conclusion

A parametric study was performed using three-dimensional Finite Element Analysis
to assess the efficiency of altering the location of shear walls across a multistory
building. Four different scenarios are proposed for a typically designed benchmark
tall building. Scenario 1 was found to be better performing compared to the other
four scenarios, which satisfied all the design requirements and limitations without
changing elements dimensions or reinforcement ratio reducing the maximum story
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drift by 18% and the Demand-to-capacity ratio by 9%. Scenario 3 showed a notice-
able potential to reduce the used amount of materials but it has to be redesigned and
the dimensions should be changed. Through the design process, numerous iterations
can be done to reach a satisfactory solution that complies with structural and archi-
tectural requirements. Experienced engineers are required to apply an effective trial
and error that will converge to an optimum solution. Furthermore, these solutions
cannot be guaranteed to fit the most optimum solution for the governing constraints
and parameters. Consequently, a multi-objective optimization framework should be
proposed to find the optimal location and orientation of shear wall segments within
the building’s layout. In order to get the most optimum configuration, an automated
procedure should be used that can fit structural and architectural requirements.
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Shear Buckling Testing of Wood
Sheathing Panels

M. Niazi, A. A. El Damatty, and A. Hamada

1 Introduction

Oriented strand board (OSB) and Plywood wood sheathing panels have a significant
contribution to the lateral stiffness of light-framed wood buildings. Light-framed
shear walls consist of wood sheathing panels nailed to walls studs, chords, and top
and bottom wall plates, where the wood sheathing panel is responsible for resisting
shear force. The sheathing panel inLight-FramedWoodShearwalls is stiff in in-plane
deformation. The typical size of the sheathing panels in the construction industry is
1220× 2440mm and panels are connected to studs, chords, top and bottom plates by
nails. One of the typical failuremodes of shearwall segments under lateral loads is the
excessive out-of-plane deformation (shear buckling) of sheathing panels where the
nail-based connections do not reach their ultimate capacity. The literature contains a
lot of analytical and numerical research on the stability of rectangular isotropic and
orthotropic plates with different boundary conditions [1, 2, 9, 15–18, 21]. However,
the experimental research on this topic is limited. The early experimental research
on buckling strength of orthotropic plates with simply and fix supported boundaries
under compression loads was conducted to verify the usual buckling theories and
made some design recommendations [6]. The authors concluded that the theoretical
equation to estimate the linear buckling of the plywood in compression was conser-
vative and adequate for design purposes and further proposed a similar equation with
the same analogy to calculate the shear buckling strength of such plates. The shear
buckling of plywood panel with 1220 × 1220 mm and 610 × 1220 mm dimen-
sions subjected to diagonal compression force was also carried out to determine the
shear resistance of a typical farm diaphragm segment [20]. The authors reported the
shear buckling strength was a limiting factor in diaphragm design in many typical

M. Niazi · A. A. El Damatty (B)
University of Western Ontario, London, Canada
e-mail: damatty@uwo.ca

A. Hamada
Intelligent Engineering Design (IE Design), London, Canada

© Canadian Society for Civil Engineering 2022
S. Walbridge et al. (eds.), Proceedings of the Canadian Society of Civil
Engineering Annual Conference 2021, Lecture Notes in Civil Engineering 244,
https://doi.org/10.1007/978-981-19-0656-5_42

501

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-19-0656-5_42&domain=pdf
mailto:damatty@uwo.ca
https://doi.org/10.1007/978-981-19-0656-5_42


502 M. Niazi et al.

farm buildings. Another experiment was conducted by [12] to identify shear stress
distribution and shear characteristics of wooden glued thin square shape of plywood
panels (<5.5 mm).

The current Canadian wood design standard [4] presents an equation based on
design recommendationswas done by [6] to determine the critical shear force per unit
length for a sheathing panel with simply supported boundaries along all edges with
the assumption that the sheathing panel experiences uniform shear stress along all
edges. The shear buckling strength of any panel depends on its boundary conditions.
As discussed above, the sheathing panels in the wood shear walls are connected
through spaced nails (nonlinear springs) to the frame and may not reflect simply
supported boundary conditions. The objective of the research is to design a frame to
conduct the experimental research on shear buckling of sheathing panels with real
boundary conditions and to verify that the sheathing panels with intermittent nail
supports subjected to pure shear follow the usual buckling theories. In this paper, a
brief shear buckling equation background is described, followed by presenting the
real boundary conditions of wood sheathing panels and a description of the test setup
to evaluate the shear buckling strength of such panels. A discussion of test results
and calculated code equation values is then presented.

2 CSA O86 Wood Sheathing Buckling Equation

The wooden sheathing panels, such as Oriented Strand Board (OSB) or plywood,
are thin plates that are subjected to stability failure (buckling) under applied shear
loads. The Engineering design in wood standard [4] assumes sheathing panels to
behave like an orthotropic linear elastic material. The plate-bending theory as the
basis of elastic plate stability has been discussed by many researchers. The general
differential equation form for an orthotropic plate based on Saint [13] and [19] is as
follows:

Nx
∂4w

∂x4
+ 2Nxy

2∂4w

∂x2∂y2
+ Ny

∂4w

∂y4
= q − tσx

∂2w

∂x2
− tσy

∂2w

∂y2
+ 2tτxy

∂2w

∂x∂y
(1)

Where w is the out-of-plane deflection of the plate, t is the plate thickness, Nx =
Ex t3

12(1−vxvy)
is the flexural stiffness for bending about the Y-axis, Ny = Eyt3

12(1−vxvy)
is

the flexural stiffness for bending about the X-axis, Nxy = 1
2

(
vx Ny + vy Nx

) + 2Gt3

12
is the torsional rigidity, q is the uniform distributed out-of-plane load of intensity,
σx and σy are the uniform normal stresses in two directions and along the edges, and
τxy is the uniform shear stress along the edges.

The out-of-plane deflections normally occur due to out-of-plane loadings. When
edge loads (compression and shear forces) act on a plate, it can be shown that the
effect of such edge loads is to increase the out-of-plane deflections and by increasing
the edge loads until the plate reaches instabilities. The lowest value of edge forces that
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lead to instabilities is the elastic critical load (critical buckling load). Boundary condi-
tions of plate edges significantly affect the value of this critical buckling load. Such
critical load can be evaluated using different methods such as integration of differ-
ential equation, energy solutions, Galerkin’s methods, and Lagrangian multiplier
methods to solve for the equilibrium of the differential equation 1 [3].

[14] first derived the exact solution for long orthotropic plates with simply
supported edges, loaded with uniform shear stress in the form of Eq. 2:

τcr = K
4π2

b2t
4

√
Nx N 3

y (2)

And it can be found with vx = vy = 0 this becomes:

τcr = K
π2t2

3b2
4

√
Ex E3

y (3)

Values of K can be obtained from the graph called “wrinkles” curves (provided by

[6]–Fig. 29) based on the plate dimension ratio αv = a
b

4

√
Ey

Ex
and stiffness coefficient

η = 2G√
Ex Ey

.

[4] presents Eq. 4 based on [14] equation derivation to calculate the critical
buckling shear force per unit length:

vpb = kpb
π2t2

3000b
4

√
Ba,0B3

a,90 (4)

Where kpb = panel buckling factor and is a function of panel dimensions andmaterial
properties of the panel, which can be calculated as follows:

kpb = 1.7(η + 1) exp

( −α

0.05η + 0.75

)
+ (0.5η + 0.8) (5)

Where

α = a

b
4

√
Ba,90

Ba,0

η = 2Bv√
Ba,0Ba,90

Where t is the sheathing thickness, mm, a is the larger dimension of the panel, mm,
b is the smaller dimension of the panel, mm, Ba is the axial stiffness of panel 0 and
90 orientation, N/mm, and Bv is the shear through-thickness rigidity, N/mm.
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3 Description of Test Setup

Figure 1 shows the real boundary conditions of a wood shear wall segment which
includes a typical sheathing panel (1220 × 2440 mm) connected to the studs and
chords using common nails at all edges. The frame consists of a number of vertical
studs and two horizontal studs and those are connected through nail base connections.
Based on literature and code equations, nail slippage at connection sheathing and
studs behaves nonlinearly. In this study, the effect of intermediate studs is neglected.
As it is shown in Fig. 1, the boundary condition of the frame can be described as
fixed connections at the top and bottom plates (horizontal studs) and pinned at two
ends of vertical studs which are free to move along their heights in out-of-plane
directions. Thus, another spring (bending stiffness of lumbar studs) is added to the
boundary conditions of sheathing panels in the long directions. Most of the research
on the evaluation of the lateral performance of shear walls was carried out based
on requirements of ASTM (E564 and E2126) standards for static and cyclic lateral
loading protocols [11, 22]. According to those standards, the bottom of the assembly
shall be attached to the test base and the lateral loads applied to the top plate which is
laterally supported to prevent any out-of-plane motions. It can be found that this type
of assembly resembles the actual building construction of wood shear walls, where
the floor diaphragms provide the lateral support of the walls. However, the sheathing
panel itself is subjected to the combination of shear force and bending force due to
the deformation of the frame [10].

Fig. 1 Boundary conditions of a typical shear wall segment
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The purpose of this study is to design a test set up to evaluate the stability of
the sheathing panel with the real boundary conditions described above under the
pure shear force. To achieve this, the assembly is adapted in a way that the shear
edge loads are applied to all edges, and simultaneously through the studs. Studs are
laterally supported to minimize their bending deformations. As shown in Fig. 2, a
rigid platform consists of six double C-section beams supported by four w-section
columns is designed to provide a flat surface with a minimum 800 mm clearance. A
total of eight linear motion systems are mounted on top of the platform where the
edge loads apply (two systems per edge) to the specimen. The linearmotion system as
the roller support allows each side of the specimen to move in the desired direction to
create an equal simultaneous shear force on the four sides. Each linear motion system
supports a stiffened rectangular steel tube which is welded to the upper frame. The
upper frame, at the short sides, is built from two side steel plates, a bottom strip, and
two rectangular tubes, and, at the long sides, two side steel plates welded to a bottom
channel beam. Each wood stud is enclosed inside of the upper frame using multiple
transverse ¼” bolts. The slutted holes are considered for the interior transverse bolts
at the long sides to allow the out-of-plane movement of studs. As shown in Fig. 2,
the studs are trimmed the maximum of 150 mm on each side which each edge can
be loaded during the test.

In the test setup, a cable-pulley system is designed to apply the shear force to
each edge by one actuator. A total of 16 pulleys are used which can support up to

Fig. 2 Shear buckling test setup
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3/8′′ wire ropes. Each side stud is loaded by using two staggered 3/8′′ wire ropes
which are connected to the front and back steel tubes. On the other side of all wire
ropes, turnbuckles are used to connect to one rigid plate at the actuator head and the
actuator is supported by the reaction wall. To minimize the loading loss difference in
cables at each side, the location of the actuator and pulleys are precisely determined
to provide an average length of 5000 mm for two cables at each side.

The results of the testing are collected by Data Acquisition System. The out-of-
plane displacement of the sheathing panel is measured using five LVDTs located
beneath the specimen to cover multiple locations. Also, the movement of each side
stud is identified using linear sensors (LVDTs) and the amount of force applied by
each cable is recorded during the testing using eight mini-load cells located at the
endpoint of cables (connection to steel tubes).

According to the ASTM standard (E564), the loading protocol is calibrated at a
constant rate of 7 mm/min displacement control to reach the target limit in no less
than 5 min. Before starting the first increment, the approximate preload of 0.5 kN is
applied to each cable and specimen by tightening the turnbuckles for 5 min to seat
all connections and to eliminate the cable sagging. Accordingly, all the readings are
zeroed and the loading continues until the ultimate load is reached or any cable is
experienced the maximum 11 kN axial force (the design limit load).

4 Results and Discussion

The shear buckling testing of sheathing panels with different nail spacing including
25, 50, and 100mm along all edges is performed. The typical 8d (63.5× 3.4mmdia.)
common framing nails and OSB panels (6.4 mm thickness) are used in this study
(Fig. 3). In this case, the slenderness ratio of the plate (β ≥ 190). Literature showed
that such a platewith simply supported and clamped boundary conditions under shear
force experiences elastic buckling and the tensile and compressive principal stresses
are equal at 45° in the pre-buckling stage [1]. As shown in Fig. 4, the results are
presented in the form of shear force per length (related to the short side) versus the
out-of-plane displacement of the middle of the sheathing panel curves. It is observed
that by using 25 and 50 mm nail spacing, the failure of nails is eliminated, and the
specimens experience elastic buckling of wood sheathing as shown in Fig. 4. At
the initial stage of loading, a small negative out-of-plane displacement due to the
initial imperfection is detected before the sheathing panel reaches the instability.
Those plates buckle due to compressive stresses when shear force per length reaches
approximately 6 and 4.1 N/mm, respectively. The sheathing panels enter into the
post-bucking stage by taking more loads and large out-of-plane deformations in
the diagonal direction appeared due to the creation of the diagonal yield zone until
their ultimate capacities at 10.6 and 8.9 N/mm, respectively. The softening stage
follows the ultimate capacity and then a sudden shear failure of the sheathing panel
at one of the compressive corners occurs (Fig. 5a). Where 100 mm nail spacing
is used, the buckling of the sheathing panel coincides with the slippage of nails
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Fig. 3 Test setup for 6.4 mm OSB sheathing panel with 63.5 mm nail @ 50 mm
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beyond 1 N/mm loading rate. In other words, the material nonlinearity of nail base
connections affects the buckling behavior of sheathing panels, and ultimately nail
joints fail due to splitting OSB sheathing from the notch and/or nail punching at
approximately 6.8 N/mm as shown in Fig. 5b.

To calculate the critical shear buckling capacity of OSB sheathing panel with
6.4 mm thickness, the material property of the panel is assumed as Ba,0 =
35,000 N/mm, Ba,90 = 27,000 N/mm, and Bv = 9,000 N/mm. Thus, the critical
shear per length can be determined as 4.25 N/mm using Eq. 4 which can be varied
based upon the measured material properties. In this case, the ratio of the critical
shear per length test results and calculated using Eq. 4 is 1.41 and 0.96 for panels
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a) shear failure of OSB sheathing at the 
compressive corner 

b) splitting OSB sheathing from the nail base 
connection and nail punching 

Fig. 5 Typical failure modes of specimens

with 25 mm and 50 mm nail spacing, respectfully. The design values of Eq. 4 may
not lead to conservative values for determining the shear buckling strength of wood
sheathing panels with real boundary conditions.

5 Conclusions

A unique experimental setup is developed to investigate the buckling of typical
wood sheathing OSB panels with 6.4 mm thickness under the pure in-plane shear.
The real boundary conditions of sheathing panels including the nonlinear behavior
of nail slippage and bending stiffness of studs are included in the experiments and
the influence on the shear buckling of the OSB sheathing panel is presented. The
following conclusions can be drawn based on the experimental results:

• Panels experience elastic buckling with large out-of-plane deformations.
• With the increase of nail spacing, the shear buckling capacity of the sheathing

panel decreases due to the influence of boundary conditions, and the large
deformation of the panel concurrently occurs with the nonlinearity of nail slip.

• The calculated shear buckling capacity of the sheathing panel with simply
supported boundary conditions is almost 40% lower and 6% higher than the shear
bucking capacity of the same panel with 25 and 50 mm nail spacing boundary
conditions, respectively.

• Further investigation is required to understand the failure mechanism and the
difference between the current buckling equation and the experiment concluded.
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Bending Performance of Timber-Timber
Composite Floors

Md Shahnewaz, Carla Dickof, and Thomas Tannert

1 Introduction

With an increase in pollution and climate change, the global demand is increasingly
moving towards sustainable construction. Therefore, the construction industry has
begun to utilize sustainable materials such as timber that has a low-carbon foot-
print in their life cycle. Cross-laminated timber (CLT) and Glue-laminated Timber
(glulam) have become the most well-known engineered mass timber products, are
gaining popularity, and taking over from steel and concrete as the wonder material of
the twenty-first century due to the availability of innovative materials, connections,
components, and composite systems [3]. CLT is a mass timber product, consisting
of sawn lumbers laid-up on-flat in alternating directions and glued together; creating
panels that have high in-plane strength and stiffness [4, 6, 7]. Timber construction is
advancing in North America and the 2020 version of the National Building Code of
Canada [5] allowed mass timber structures up to 12 storeys tall.

This paper investigates Timber-Timber Composite (TTC) floor systems made
with CLT and glulam under quasi-static monotonic tests including various shear
connections for the TTC floors are also investigated. The Vancouver School Board
[9] commissioned two new buildings to replace the existing Begbie and Bayview
elementary schools. The two-storey school buildings include learning spaces with
exposed CLT walls, floors, and roofs. Both projects include long span systems in
either the roof or the floor, with varying spans.

Timber Concrete Composite (TCC) systems have been extensively studied in
recent years using mechanical connectors, adhesive bonds, or a combination [8].
Fewer studies have reported experimental, numerical, and analytical investigations
onTTC systems, particularlywithmechanical fasteners. The objective of the research
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presented herein is to investigate the flexural performance of double-T shaped TTC
floor systems using various connections.

2 Specimens Description

The CLT panels and glulam beams were fabricated by Structurlam in accordance
with ANSI/APA/PRG 320 [1] and CSA O122 [2], some relevant material properties
are provided in Table 1.

A total of six (double T cross-section) specimens composed of a CLT panel and
twoglulambeamswere assembled and tested in theWood InnovationResearchLab at
the University of Northern British. The CLT panels were 105 mm thick [35/35/35],
9,144 mm long and 1,162 mm wide with an average density of 441 kg/m3 at a
moisture content of 11%.The8,944mmlongglulambeamshad a cross-section of 215
mm× 380mm.Their average density andmoisture contentwere 545 kg/m3 and 12%,
respectively. Two types of self-tapping screws (STS): i) 10Ø × 200 mm ASSY SK
partially threaded washer head screws; and i) 8Ø× 300mmASSYVG cylinder head
fully threaded screws, and one-component polyurethane adhesive (Lepage Premium
PL) were used to connect the CLT panel to the glulam beams. The cross-section of
the test specimens is illustrated in Fig. 1.

Three connections between CLT and Glulam were investigated:

a) Type A: 2 rows of 10Ø× 200 mm ASSY SK STS at 75 mm on centre installed
at 90°, c.f. Fig. 2a.

b) Type B: 2 rows of 8Ø × 300 mm ASSY VG CYL STS at 150 mm on centre
installed at 45°, c.f. Fig. 2b.

c) Type C: 2 rows of 10Ø× 200 mmASSY SK STS at 300 mm on centre installed
at 90°, in combination with an adhesive bond (one-component polyurethane
adhesive - Lepage Premium PL), c.f. Fig. 2c.

Table 1 Material properties CLT Glulam

Species S-P-F Douglas-Fir

Grade 105 V, grade
V2M1.1

Grade 24f-E

Size 1.162 m ×
105 mm

215 mm × 380 mm

Length 9.144 m 8.944 m

Avg. density 441 kg/m3 545 kg/m3

Avg. moisture
content

11% 12%
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Fig. 1 Cross-section of test specimens [mm]

Fig. 2 Connections: a Type A; b Type B; c Type C

Fig. 3 Schematic of 4-point bending setup and location of sensors

3 Methods

Destructive 4-point bending tests were conducted. The test set-up consisted of two
500 kN actuators positioned as shown in Fig. 3. Six string pots, labelled S1 to S6
and eight linear variable differential transducers (LVDTs) labelled L7 to L14 were
installed to measure the vertical deflections and the relative horizontal displacements
betweenCLT andGlulam, respectively, c.f. Fig. 4. The floorswere subjected to quasi-
static monotonic loading with equal load applied to each actuator. The load was
applied at a constant rate of 10 mm/min with an initial pre-load cycle to 40% of the
anticipated ultimate load-carrying capacity, unloaded, and re-loaded to failure, where
failure is defined as a drop in the applied load by more than 20%. The maximum
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Fig. 4 Photo of a 4-point bending test

Table 2 Test results

Test
ID

Connector Type Fmax
[kN]

dm,Fmax
[mm]

kdm
[kN/mm]

DT-1 Type A 310 84 4.3

DT-2 431 123 4.3

DT-3 Type B 403 92 4.6

DT-4 473 102 4.7

DT-5 Type C 391 83 5.6

DT-6 462 95 5.5

force, Fmax, and its corresponding mid-span deflection, dm,Fmax, were determined
based on the actuator load, and the average of string pots S3 and S4 respectively. The
elastic stiffness, kdm, was determined for the range of 10–40% of Fmax.

4 Results and Discussion

4.1 Load–Deflection Curves

The test results are listed in Table 2 and the load–deflection curves are illustrated
in Fig. 5. The observed initial stiffness (0–10% Fmax) observed for each specimen
showed little variation regardless of connection type. Comparatively, variation in the
load-carrying capacities was observed across all specimens, and variation in elastic
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Fig. 5 Load-deflection
curves from full-scale
bending tests at mid-span

stiffnesseswas observed between specimen types. The average capacity of composite
floors with Type B connectors was the highest (438 kN), 15% higher compared to
the average capacity of floors with Type A connectors. However, the floors with
Type C connectors had a similar capacity like floors with Type B connectors. The
applications glue in the composite floors with Type C connectors transformed into a
very stiff system. The average stiffness of floors with Type C connectors was found
23% and 16% higher compared to floors with Type A and B, respectively.

4.2 Failure Modes

All 6 specimens failed in brittle tension failure of one of the two glulam beams
at a location close to the mid-span of the specimen. A typical failure is shown in
Fig. 6 for a Type A specimen. The right glulam in specimen DT1 (specimen type A)
initiated earlier failure than other specimens; the glulam beam on the right side of
the specimen had a finger joint near mid-span which experienced a sudden tension
failure, resulting in earlier failure of DT1 compared to DT2 (e.g., DT1 shows at 28%
lower ultimate load compared to DT2) and all other specimens. In addition to typical
tension failure of one glulam, some CLT rolling shear failure was observed at the left
CLT-glulam interface in specimen DT6. No special failure mechanisms, and joint
failures were observed in any of the other specimens.
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Fig. 6 Typical failure in Type A floor specimen

5 Conclusions

Six glulam and CLT double-T shaped full-scale timber-timber composite floors
were tested for flexural performance. The composite systems were constructed using
3-ply CLT slabs with two glulam beams (double-T formation) connected by Type
A-partially threaded screws installed at 90°, TypeB- fully threaded screws at 45°, and
Type C-partially threaded screws with glue at 90°. The load-deformation behaviour
observed in the full-scale testing was linear up to failure. Type B and C connectors
had the strongest capacity and stiffness compared to both Type A. The deforma-
tion capacity and ductility of Type A connector were found the highest among three
types. The failure mechanism in all specimens was observed brittle tension failure
at mid-span initiated at one of the two glulam beams.
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Covid-19 Modular Construction

M. Suleiman, A. Elshaer, and M. Billah

1 Introduction

Coronaviruses are a family of viruses that are considered contagious and cause respi-
ratory illnesses. In late 2019 and early 2020 an identified coronavirus, SARS-CoV-2,
has caused a pandemic globally. The virus transfers through the patients’ mouth-
generated aerosols (i.e., coughing and sneezing).While the symptoms of coronavirus
disease may appear up to 14 days after exposure, which is referred to as the incuba-
tion period, symptoms such as cough, fever, or shortness of breath may appear after
the incubation period. It is important to be able to provide the medical care required
to provide those in need (WHO, 2020). This pandemic highlighted the importance
of having a strong and ready healthcare system in place to combat this crisis. While
the government of Canada has been working endlessly to limit the spread of the
virus by implementing and enforcing new laws and rules such as face mask require-
ments in public places, a social distancing of 2 m as the number of cases keep on
rising, the hospitals are facing the challenge of the shortage in care beds, which
in turn increasing the number of mortalities, especially for people who suffer from
other health conditions. The health care system can be branched into three different
categories: equipment, personnel, and space. Equipment involves different devices
needed in an ICU room, and this can be overcome by purchasing more equipment.
While for personnel retired doctors and nurses can be asked to provide their service
in such a pandemic [1–8]. While for the space problem, modular construction can
be the solution but needs an appropriate assessment of its performance, which this
research will be able to explore solutions to this problem as shown in Fig. 1.

As of March 2021, the total number of cases in Canada has reached a maximum
of 899,757 cases as shown in Fig. 2, which raises the importance of having an appro-
priate backup system in place. Building more hospitals can be a solution to this
problem, although it is not viable, due to the complexity involved in the design,
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Fig. 1 Healthcare system problems and proposed solutions

Fig. 2 COVID-19 Total number of cases across Canada (Government of Canada, March 2021)

and construction. Modular Construction (MC) on the other hand can be used in
this situation, due to having the speed of delivery, physical separation of contami-
nants, security, and isolation. These important parameters dictate the spread of the
virus within healthcare facilities. Otherwise, other patients and health workers may
experience the risk of being infected by contagious patients. Modular construction
can be deployed in fields, such as arenas, stadiums, and parking lots. This will also
allow the hospital to operate normally for regular stream patients while being able
to control the spread of the infection. Modular construction is an efficient method
that uses pre-engineered building units, that can be assembled to rapidly form a
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structure for different purposes. It is suitable for temporary structures and storage
areas due to its simplicity and repetitive nature, especially when the pandemic has
put pressure on the healthcare design and construction community to get rooms
designed, approved, built, and operational quickly while maintaining the essential
infection control requirements. MC provides less labour-intensive modern construc-
tion techniques while maintaining the social distancing that site workers require
[9–14].

The current project aims to numerically simulate the airflow and respiratory
droplet transfer mechanisms inside an MC field hospital room using computational
fluid dynamics (CFD)-based numerical modelling. After validating the developed
model, the efficiency of implemented controls can be accurately addressed. The high-
fidelity numerical simulation will enable the track and visualization of the mouth-
generated aerosols in the room, thus assessing the infection control abilities in the
system in place. The project aims to examine different levels of air changes and their
effect on the spread of aerosols. The outcome of this research is very important, as
it can be used in different situations from pandemics to natural disasters, it will be
an available asset to our emergency control system that can be rapidly and easily be
deployed across Canada.

2 Validation Model

To validate the numericalmodel used to simulate the propagation ofmouth-generated
particle in a modular construction room, a study conducted by [15] involving a
comprehensive comparison between a full-scale experimental system against CFD
simulations of an air-conditioned chamber is used to assess the transport and the
trajectory of cough-induced aerosol. The chamber geometry of 2.9 m long by 2.3 m
wide by 2 m high was modelled including four chairs and four manikins, to simulate
a gathering, as shown in Fig. 3.

The study was conducted under different air changes per hour (ACH) rates of 10,
20 and 40, which reflects the quality of air filtration across the room. The simulation
included two scenarios wheremouth-generated aerosols were assumed to be initiated
by either manikin 1or manikin 3 under the same ACH rates. This has been designed
to examine the impact of the boundary conditions on the aerosol and how being near
the inlet or the outlet will change the destination of the aerosols. Six models were
constructed using CFD, three involving manikin 1 coughing under different ACH
rates, while the other three involved manikin 3 coughing under different ACH rates.
It was determined as the ACH increases, the stronger air movement would prevent
direct aerosol inhalation under various coughing conditions. It was apparent that the
mouth-generated aerosols frommanikin 1 caused more aerosols inhalation under 10,
20, and 40 ACH as it is located near the inlet, with percentages inhaled of 1.96, 0.36,
and 0.2%, respectively. While the mouth-generated aerosols from manikin 3 caused
aerosols inhalation of 0.86, 0.76, and 0.69%, respectively. It was also observed that as
the ACH rate increases, more aerosols got carried back into the recirculation system.
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Fig. 3 The geometry of the
validation model [15]

For instance, mouth-generated aerosols from manikin 1 caused fewer aerosols to
be carried out of the outlet back into the AC recirculation with percentages of 4.5,
5.8, and 22.9%. While mouth-generated aerosols from manikin 3 were significantly
more at 8.5, 10.3, and 32.7% respectively, due to it being closer to the outlet. Figure 4
demonstrates the differences between aerosol percentages at different rates for both
mouth-generated aerosols from manikin 1 and 3.

CFD models were developed with a similar room geometry and physical descrip-
tion, as shown in Fig. 5. A hexahedral mesh discretization was generated with a
size of 25 mm, and finer meshes in the middle where particle translation is mainly
happening with a cell size of 12.5 mm, as shown in Fig. 6. The total number of
cells in the computation domain was 2.5 M, while the simulation met the Courant-
Friedrichs-Lewy (CFL) criterion of being less than 1.0 by setting the time-step to be
0.005 s with a total physical duration of 1 min. The first 200 steps were set to run
at 0.1 s time-step interval, to establish flow stabilization, while the mouth-generated
aerosols started after 1 s.
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Fig. 4 Summary of aerosol destination of manikin 1 and manikin 3 [15]
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Fig. 5 Boundary conditions
of the validation model

Fig. 6 Mesh grid resolution
of validation model

After running the case study models, it was observed that, as the ACH rate
increases, a similar trend was observed as fewer particles are being inhaled, due to
the influence of AC. Under 10, 20, and 40 ACH, the percent inhaled for the mouth-
generated aerosols from manikin 1 was 3.13, 2.01, and 1.9%, respectively, while the
cough from manikin 3 was 2.84, 2.9, and 2.34%, respectively. The fluctuation in
results is caused due to the difference in the manikin model. While aerosol percent
going through the outlet increased as the ACH rate increases, less was observed in the
case of manikin 3 under 10, and 20 ACH, due to having less direct influence from the
AC at 0.129%, and 0.925%, respectively, more was observed at 40 ACH with 5.16%
due to the higher influence of the outlet. While manikin 1 results showed a similar
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Fig. 7 Aerosol Destination percentage

Fig. 8 Aerosol percent inhaled and recirculated through the outlet validation

trend, the impact of being near the inlet increased the percent aerosol going through
the outlet by 2, 4.08, and 3.55%, respectively. Figure 7 shows the aerosol destination
percentage, which is calculated as the ratio between the mass of the particles passing
through a boundary to the mass of the summation of total particles going through all
other boundaries.

The validation model result comparison is concerned with observing a similar
trend in particle movement in the computational domain. The comparison involves
comparing the aerosol percentage inhaled, and exited through the outlet, and was
observed that as the rate of ACH increases, themore aerosols leave the computational
domain as observed in Fig. 8. Figure 9 illustrates particle distribution in the domain
under 10 ACH coming from manikin 1.

3 Case Study and Discussion

The geometry of the room inMC is a governing aspect as it dictates the required inlet
ventilation system parameters (i.e., ventilation system inlet and outlet parameters).
After designing theMS room, the dimensionswere set to be 6.1m long by 2.5mwide,
and 3 m high. The room will represent the computational domain in the simulation,
as the droplet transfer will take place inside the room. Figure 10 describes the room
dimensions and their components.
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Fig. 9 Aerosol distribution in the computational domain

Fig. 10 A proposed design
for the modular construction
room
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The computational domain was discretized to a hexahedral mesh with a base
size of 75 mm while having finer mesh near the subject with sizes of 30 mm and
10 mm, which yielded 2 M cells. The time step was chosen to be 0.005 s based on
the Courant-Friederichs-Lewy (CFL) number to be maintained below 1.0, to avoid
divergence of the numerical modelling. The simulation was conducted for a total
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of 12,200 time-steps, while allowing the first 200 steps to run at 0.1 s time-step
interval, to establish flow stabilization, while the mouth-generated aerosol starts
after the flow stabilization. Figure 11 demonstrates the mesh discretization across
the computational domain.

There are three main boundary conditions of concern in this simulation, which
are: the mouth, the system inlet, and the system outlet. The remaining boundary
conditions are set to non-slip wall conditions, as demonstrated in Fig. 12. The mouth

Fig. 11 Mesh grid resolution

Fig. 12 Boundary
conditions of case study
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was assigned to be an opening of the area of 2000 mm2. Aside from the coughing,
the mouth boundary condition followed a sine wave function to simulate human
breathing (inhale and exhale) as a function of time as shown in Eq. 1, while it will
have a velocity of 10 m/s for the duration of the cough. The ventilation system inlet
is located at the roof of the roomwith two openings near the subject with dimensions
of 1.0 m × 0.064 m located 0.08 m away from the left wall and 0.61 m away from
the back wall. Openings are placed 1 m apart from the edge to edge. The velocity
of the system inlet was calculated based on the ACH rate. In this case, 10, 20, and
40 ACH required velocities of 1.02, 2.04, and 4.08 m/s, respectively. The inlet was
adjusted to be inclined at an angle of 30 degrees from the roof normal towards the
outlet. The ventilation system outlet is located on the right wall with dimensions of
2.0 m × 0.064 m and placed 0.08 m away from the floor and 0.19 m away from the
back wall. The outlet was set as a pressure outlet with negative pressure calculated
using the same flow rate as the inlet with an air density of 1.18 kg/m3.

v(m/s) = 2.9sin(1.28t) (1)

The simulations involved different types of physics models mainly implicit
unsteady, k-epsilon, segregated flow, and the two-layer all Y+ treatment low −Y+
and high−Y+wall treatment, and the Lagrangianmultiphase. The Lagrangianmodel
focuses on the multiphase flow where a thermodynamic phase (solid, liquid, gas) in
this case the droplets are liquid reacts with another distinct phase (air) gas. To simu-
late cough aerosols (saliva), a mixture of water, glycerin, and sodium chloride with
a mass ratio of 1000:76:12. The weighted density of the liquid injected as the saliva
was 1028.89 kg/m3 [15, 16]. This simulation does not take into consideration the
evaporation of particles, or the temperature of the surface, as it is concerned with
particle translationwithin the computational domain. Injectors with a circular surface
area of 5 cm2 were placed in front of the mouth opening with a mass flow rate of 5
mg/s for 1 s to simulate a human cough. Since break-up models of particles are not
considered two injectors were used to inject fine and coarse particles into the compu-
tational domain. Fine particles are represented as 5 µm, while the coarse particles
followed Rosin–Rammler distribution with a minimum particle size of 77 µm and
a maximum of 737 µm with an average of 170 µm. While the aerosol distribution
scene was observed at intervals of 0.5 s. Figure 13 illustrates the distribution of the
particles under 40 ACH (Aerosols are enlarged for visualization purposes).

After running the models, it was apparent that the trend of higher particles exiting
the outlet as the ACH rate increases. The rate at which particles were exiting through
the outlet increased by 41% by increasing the ACH from 10 to 20. While increasing
the rate to 40 ACH yielded a 137% increase in particles leaving the outlet. While
particles landing on equipment decreased by 19% by increasing the ACH rate from
10 to 20, while it decreased by 25%when the ratewas increased to 40ACH. Figure 14
illustrates the impact of the ACH rate on the destination of aerosols within the
computational domain.
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Fig. 13 Aerosol distribution in the computational domain

Fig. 14 Aerosol distribution across the hospital room

4 Conclusion

The current study examines the effect of different ventilation levels (i.e., 10, 20 and
40 ACH) in a modularly constructed hospital room by tracking the mouth-generated
aerosol. It was found that as ACH increases, the ability of the ventilation system to
eliminate more suspended aerosol will increase, which will result in less viral load
inhaled by other patients and health workers. It was also found that the majority of
the aerosol will get accumulated over wall and ground surfaces, which emphasizes
the importance of continuous disinfection of these surfaces.
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Aerodynamic Mitigation of Low-Rise
Building Roofs

Raghdah Al-Chalabi and Ahmed Elshaer

1 Introduction

Controlling wind-induced load is crucial for low-rise building designs to achieve
optimal resilience. Low-rise buildings have relatively light dead loads on their roofs,
thus more susceptible to uplift due to wind load [9]. Despite the improvements in
building codes over the last few decades, damage surveys following wind events
in Canada have shown a consistent pattern of wind damages to roof structures and
connections between roofs and supporting walls [11]. These damages mainly result
from system failures, especially to roofing components such as sheathing and tiles [2,
8]. Low-rise buildings experience an increase in damages, especially in wind-prone
areas such as coastlines. The insurance Bureau of Canada (IBC) has attributed 62%
of all the natural catastrophic damages to be partially or fully caused by wind events.
The latter damages are probably because the design of buildings’ external shape and
orientation is mainly driven by architectural considerations, functional requirements,
and site limitations rather than by aerodynamic considerations [10]. The rise of the
damage-related losses can also be attributed to the ageing infrastructure and rising
cost of residential buildings. Fortunately, modifications techniques added to the roof
edge/corner shape can alter the wind flow and reduce the risk for potential losses.
These features can mitigate the wind uplift forces on roofs and, consequently, protect
buildings from damages.

Based on the fact that wind loads on bluff bodies are dominantly governed by their
geometry, among other factors, many studies investigated modifying the roof edges
using architectural aerodynamic elements. These architectural elements include wall
extensions, roof edge extensions, pergolas and ridgeline extensions. They can be
installed as permanent architectural features or used for rehabilitation purposes.
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Several mitigation techniques have been investigated in terms of effectiveness on
the pressure variation on the low-rise building roof. [13] examined varieties of roof
modification features, including adding semi-cylindrical projections and Rooftop
radial splitters, among other techniques, to the gable roof of a low-rise building. The
study concluded a 60% reduction in the peak pressure magnitude over the roof near
the corner. [8] investigated the effectiveness of eight soffits (i.e., gutters) configura-
tions for mitigating wind pressure on the roof surface using wind tunnel testing. The
results illustrate that soffits can reduce the peak suction at the windward edges by
up to 30%, while these elements did not impact wind pressure on downwind roof
slopes. [4] investigated architectural elements’ efficiency, including gable end and
ridgeline extensions and wall extension to reduce roof and wall corner suction. The
study found that the 200mm in height ridgeline extension reduced peak suction close
to the roof ridge by 60%, while the gable-end extensions reduced peak suction close
to the roof’s gable-end zone by 65%. A study by Aly et al. (2016) examined the
effectiveness of barriers to reduce the wind-induced uplift loads on flat roofs. The
latter study discussed the ability of these aerodynamic features in reducing the flat
roof uplift forces up to 36%.

Parapets have been used as a standard architectural feature for decades, where they
can be retrofitted to an existing building structure. They are often mounted on edge
and corner areas where their height is a crucial factor in their aerodynamic impact on
the building [8]. The parapet mechanism works by lifting the separated wind shear
layers of the roof surface and dissipating the high local corner or edge suctions over
a larger area [10]. The parapets are the most popular type of configuration, mainly
due to their large architectural appeal [9]. One of the early studies to examine the
aerodynamic impact of solid parapets on low-rise buildings was [3]. Their results
show that tall parapets reduce the high suction on roofs, while short parapets were
found to aggravate the edge and corner suction.

The current study aims to examine the effectiveness of using different architec-
tural features to reduce the wind impact on low-rise building roofs. These objectives
will be achieved by comparing (i) the variation of wind pressure on the roof surfaces
and (ii) wind-induced lift forces on the roof. A total of 7 configurations will be
investigated using computational fluid dynamics (CFD) simulations. Section 1 (this
section) presents an introduction and a review of the state of art literature examining
the impact of adding different aerodynamic modifications to the roof. In Sect. 2,
a description of the study building’s geometry and the utilized modifications tech-
niques along with the adopted CFD model used in assessing the different models
are illustrated. Section 3 examines the impact of introducing the ridgeline extension,
edge extension, combined edge and ridgeline extension, and solid discontinuous
corner parapets on the model’s roof pressure. Section 4 summarizes the conclusion
and the main finding of this study.
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                          Elevation plan Roof plan 

Fig. 1 Overall model dimensions and pressure probs layout on the roof surface

Fig. 2 Aerodynamic mitigation techniques (a) Full ridge extension (b) Full edge extension (c) Full
ridge and edge extension and (d) Discontinues solid parapets

2 Numerical Modelling Details

2.1 Building Geometry and Test Models

The generic low-rise buildingmodel utilized in this study has a gable roofwith a slope
of 3:12, which occupies a footprint of 10 × 15 m and a total of 5.25 m. The overall
model dimensions and pressure probs layout is illustrated in Fig. 1. The dimensions
of the parapets and the architectural elements chosen for the aerodynamicmitigations
are shown in Fig. 2.

2.2 Numerical Modelling

A Full-scale Large Eddy Simulation (LES) was performed to the computational
domain dimensions and the boundary conditions shown in Fig. 3 using Star
CCM + (14.04.013 version). The computational domain dimensions (150 × 100 m
× 15 m) are inline with [6]. The conditions at the surface (top and sides faces) of the
computational study domain were set as symmetry plane boundary conditions. At
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Fig. 3 The computational domain dimensions and the boundary conditions

Fig. 4 Mesh grid resolution utilized in the CFD simulations

the same time, the ground was a non-slip wall boundary condition. The outlet surface
was defined as an outflow. The inlet wall was defined as a time-varying inlet velocity
boundary condition using the consistent discrete random flow generator described
in [1].

The computational domain was discretized to a hexahedral mesh of 1.0 m and
further refined near the building to a mesh sizes of 0.4 m to capture smaller scale
turbulence near the building of interest, which yields a total number of mesh of
1.25 M cells. To ensure particles move from one cell to another within the one-time
step, it essential to maintain the Courant-Friedrichs-Lewy (CFL) to be below 1.0 to
avoid numerical divergence [5]. Accordingly, the time step was chosen to be equals
to 0.02 s. The numerical simulations are conducted for 1500 time-steps, representing
a total of 30 s since the flow statistics were found to converge beyond this duration.
Figure 4 shows the discretized computational domain for this study.

To validate the adopted CFD model in the current study, an additional simulation
was conducted for a low-rise building experimentally tested by [12] for a similar
gable roof. The validation model has a dimension of 9.75 × 14.65 m and a roof
reference height of 4.6 m. All the aerodynamic and geometrical details are set to
match the wind tunnel setup, including geometry and inflow characteristics. The
mean velocity and turbulence intensity profile is generated to match an open terrain
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Fig. 5 Comparison ofCFDand target profiles (a)Mean velocity profile and (b) Turbulence intensity
profile

exposure, ASCE profiles exposure C, as demonstrated in Fig. 5, which was later used
in the current study. The equivalent wind tunnel peak pressure coefficient (GCp) was
extracted from a tap located at the gable roof corner, which was found to have a good
agreement with the numerical model with an error of 1.7%.

3 Results and Discussion

In this section, the impact of introducing the ridgeline extension, edge extension and
solid corner parapets on the roof pressurewas studied for the benchmarkmodel. Their
mechanism works by displacing the vortex from the roof region. Therefore, these
mitigation techniques’ height can play a crucial role in modifying the local suction
pressure [3]. The pressure coefficient values at 0° wind azimuth (perpendicular to the
ridgeline) were extracted for probs located along the gable end and ridgeline. The
location for critical issues was chosen where wind damage was repeatedly reported
from past post damage assessments [4].

3.1 Full Ridgeline Extension

To understand how ridgeline extension of 300mm in height modifies the roof suction
and wind flow around the structure, the study comparatively displays the mean and
rms of roof pressure along the line X/L and Y/B in .
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Figure 6 and Fig. 7, while the mean velocity magnitude contour is shown in
Fig. 8. The worst localized suction pressure on the gable roof occurred at the leading
corner. This is visible when examining both mean and rms of pressure in Fig. 7. It
can be noted that the rms and the mean Cp along the ridgeline were significantly
reduced due to the adopted aerodynamic mitigation. The mean suction decreased by
a maximum of 79% and an overall of 90% within the region next to the ridgeline.
This observation agrees with what was reported by [4] using a ridge extension of

Fig. 6 The distribution of pressure coefficients on the roof surface (a) Benchmark model (b) model
with 300 mm ridgeline extension

Fig. 7 Variation of mean and rms pressure coefficients along (a) the gable end and (b) the ridgeline
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Fig. 8 Mean velocity contours and wind flow streamlines for the model with ridgeline extension

200mmheight on a gable roof, which reduced the peak suction along the ridgeline by
60%. Simultaneously, a maximum of 50% and an overall 10% suction reduction was
observed on the leading gable end. It was noticed by comparing the pressure readings’
plot between the benchmark and themodifiedmodel that the intense negative pressure
is shifted from the leading gable edge. The latter flow behaviour indicates that the
ridge extension successfully mitigated flow separation at the sharp edges within the
separation zones, which led to a reduction in the roof suction, as shown in the mean
velocity contour Fig. 8.

3.2 Full Edge Extension

According to the previous studies, the extension is located at the building’s edge
can displace the vortex formed at the roof windward eave and hence reduce the
critical pressure in the same mitigating mechanism exhibited by the ridge extension.
However, previous studies indicated edge extensions/plates with low height could
aggravate the roof’s suction. The edge extensions have been fitted at both sides of
the roof edges (longer direction) with 300 mm in height and a thickness of 200 mm.
Figure 9 shows a comparison between the benchmark study model and that with the
mitigation technique. Figure 10 comparatively displays the rms and mean pressure
coefficient (a) along the gable end and (b) in the zone next to the ridgeline. It was
noted that the roof corner suction on the leading edge increased by 65% after adding
the edge extension to the benchmark model while decreased on the overall gable end
(i.e., 14%). The mean and rms values were reduced at the zone next to the ridgeline
when the edge extensionwas introduced to the benchmark studymodel. The apparent
impact of extending the edge on the windward eave where the pressure in the edge
regions was increased is found to be in a similar manner when billboards used on
commercial buildings, as indicated by Stathopoulous and Baskaran [3]. The latter
observation is caused as the higher edges were added, the separation from the vertical
edges of the extension altered the vortical structure of the flow over the roof. This
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Fig. 9 The distribution of pressure coefficients on the roof surface (a) Benchmark study model (b)
model with 300 mm height full edge extension

Fig. 10 Variation ofmean and rms pressure coefficients along (a) the gable end and (b) the ridgeline

was also detected by Kopp et al. [9] when an isolated low-height full-length parapet
was added to the windward eave. The total lift force acting on the entire roof was
slightly increased (i.e., less than 2%) when the modification technique was applied
to the benchmark study model.
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3.3 Full Ridge and Edge Extension

The impact of adding a full edge and ridge extensions on the roof uplift forces was
investigated by adding extensions to the edge of the windward and leeward eaves
and on the roof rib. Two configurations were examined with heights of 300 and
500 mm and a thickness of 200 mm. Figure 11 displays the variation in the mean
pressure distribution for the benchmark and modified models, and Fig. 12 reports
the mean and rms of the pressure coefficients along the gable end and in zones next
to the ridgeline (i.e., along X/L and Y/B). It can be noticed that adding a full edge
and ridge extension led to a shift in the intense negative pressure to the surfaces
behind the ridgeline. The latter is evident in the mean and rms pressure values along
X/L for both mitigation geometries compared to the benchmark study model. This
is probably attributed to the fact that the low height ridgeline extension failed to
displace the wind flow, thus preventing separation at the roof rib in which caused
greater streamline curvature. Hence, this technique’s height plays a crucial role in
their aerodynamic mitigation effectiveness. It can be observed from Fig. 12 that the
worst suction pressure occurs close to the leading corner and decreases in magnitude
away from the corner for the three model configurations. The latter behaviour is due
to the fluctuating manners at which the flow separates at sharp edges and re-attaches
again within the separation zones. It was also observed that the lower extension and
the corner vortices at the leading edge are much evidence. In addition, increasing the
extension height on both the ridgeline and edges (i.e., 500 mm) led to reducing the
mean pressure in zones next to the ridgeline on the leading roof surface; however, it
was still a lower reduction compared to the other modified model (i.e., 300 mm). The
latter finding is caused by the fact that the higher ridgeline displaced the flow away
from the roof while the lower ridgeline altered the wind flow to downward-acting on
a low-rise building’s leading roof.

Fig. 11 The distribution of pressure coefficients on the roof surface (a) benchmark study model
(b) model with full edge and ridge extensions of 300 mm height and (c) model with full edge and
ridge extensions of 500 mm height
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Fig. 12 Variation ofmean and rms pressure coefficients along (a) the gable end and (b) the ridgeline

3.4 Discontinuous Solid Parapets

In addition to modifying the negative coefficients next to the ridgeline and at the
windward eave, discontinuous parapets were introduced to alter the corner uplift
forces. They were placed at four corners and at the gable end ridge intersection,
regions where high peak suctions were expected, as demonstrated by Azzi et al.
[2]. Pressure readings were recorded on roof surfaces with a slope of 3:12 and with
parapets heights of h = 500 and 750 mm, the length is 1000 mm (10% of the
building’s shorter dimension), and the thickness is 200 mm. Figure 13 presents a
variation in the mean pressure distribution for the benchmark study model and the
models with discontinues solid parapets, while Fig. 14 illustrates the mean and rms
of pressure coefficient at the gable end and in the zone next to the ridgeline. It was
noted that the uplift on the leading-edge zone was aggravated after adding both of the
parapet’s configurations, while the mean and rms were reduced in the leading edge
by the presence of the parapets. This finding is in agreement with Kopp et al. [9],
where it was concluded that discontinuous parapets could lead to suction increase
with hparapet/(Heave + hparapet) < 0.17 at the leading corner/edge. The latter finding can
be improvised by using porous parapets as it will disrupt wind flow and therefore
weakens the conical vortices. [12] reported a drop of 60% in corner suction pressures
while using a 33% porous corner/ ridge intersection parapet designed with the same
length of 10% of the model’s shortest dimension and height of 200 mm. In contrast,
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Fig. 13 The distribution of pressure coefficient on the roof surface (a) Benchmark study model,
(b) Model with discontinuous solid parapets of 50 mm height and (c) model with discontinuous
solid parapets of 750 mm height

Fig. 14 Variation ofmean and rms pressure coefficients along the (a) gable end and (b) the ridgeline

roof interior zones did not experience a change in the pressure magnitudes while
using the parapets. 750 mm height corner parapet reduced the suction next to the
ridgeline and gable end by an overall of 28% and 45%, respectively. Figure 15 shows
the total uplift forces acting on the roof surface for the wind azimuth of 0° (i.e.,
perpendicular to the ridgeline). The latter figure indicates adding corner parapets led
to a reduction in the total uplift forces on the roof surfaces by up to 8%.
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Fig. 15 (a) The avarage uplift forces for the all the modification techniques and (b) The uplift
forces time historues on the roof building

4 Conclusion

This paper investigated the effectiveness of various aerodynamic modifications
applied to a typical single-story building to reduce extreme suctions on the roof.
These modification techniques were (i) ridgeline extension, (ii) edge extension, (iii)
Full edge and ridgeline extension and (iv) discontinuous corner parapets. The perfor-
mance of each modification technique was assessed by comparing the mean and rms
values of the pressure on the gable end and zones next to the ridgeline and the average
of the total uplift forces. All themodification techniques investigated led to an overall
reduction in the pressure in regions next to the ridgeline ranging from 27 to 90%.
For instance, extending the windward eave and leeward eave by 300 mm (i.e., edge
extension) led to an overall decrease of 27% in the mean pressure along the ridgeline.
In comparison, ridgeline extension led to a 90% overall reduction in mean pressure
along the ridgeline. However, only the latter techniques reduced the leading corner’s
suction (i.e., 17%) among all the other modification techniques examined in this
study. In contrast, 750 mm height parapets led to an 18% reduction in the corner’s
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suction attached to the leeward eave. The latter modification configuration also led
to a reduction in the overall uplift force by 8%.

This study demonstrated that simple architectural modifications to the building
roof edges can reduce the wind-induced suction on the building envelope.
These modifications can be easily installed as permanent architectural features or
temporarily used for rehabilitation purposes, making them an attractive solution to
reduce sharp edges and corners in low-rise buildings.
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Characterization of the Lateral Response
of Base Rocking Steel Bridge Piers

A. Rahmzadeh, M. S. Alam, and R. Tremblay

1 Introduction

In the recent decades, the concept of controlled rocking has attracted a lot of attention.
Systems built incorporating such a concept are capable of oscillating along the earth-
quake and reverting to their original position afterward. More recently, a research
project was started by researchers at The University of British Columbia (UBC) and
Polytechnique Montréal to investigate post-tensioned rocking steel piers as a cost-
effective alternative to concrete piers [1]. The proposed pier comprises a circular
tubular steel column, a post-tensioned tendon, and supplemental energy dissipaters
(EDs). Instead of material nonlinearity, gap opening as a result of the rocking mech-
anism at the connection interface, provides substantial deformation capacity under
lateral loading. Moreover, the pier exhibits a flag-shaped hysteresis response during
a strong earthquake motion with limited or no residual displacements. The columns
are prefabricated and can be easily erected on site, which makes the system suitable
for accelerated bridge construction (ABC). This paper summarizes the findings of
an experimental program on the rocking steel bridge pier. A description of the finite
element (FE) validation procedure of the tested columns is also presented. Finally, a
parametric study is conducted to identify important parameters that affect the lateral
cyclic response of the system.
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2 Experimental Program

Table 1 lists the properties of the 1/3-scale specimens which were designed to rock at
the interface with the foundation. The design procedure involved assuming a major
bridge with two 32.4 m long spans located in Vancouver British Columbia Canada,
performing time history analyses under three suites of groundmotions representative
of the site location, identifying the target drift, conducting continuum FE pushover
analysis, and checking the performance at the target drift as per CSA S6-14 standard
[3]. Then, the prototype was scaled down by a length factor of 3 (Specimen RP4-
DT43-PT47-BP20-ED45). The test setup of this specimen is shown in Fig. 1. The
specimen was equipped with four buckling-restrained energy dissipating steel bars.

Other variations of the pier include the pier without a base plate and EDs (Spec-
imen RP1-DT43-PT45), the pier without a base plate and EDs having a higher
diameter-to-thickness ratio (Specimen RP2-DT64-PT37), and the pier without EDs
(Specimen RP3-DT43-PT44-BP20). These variations were designed to experimen-
tally evaluate the findings of a previous analytical-FE investigation wherein it was
found out that: (1) local buckling results in the loss of re-centering property of the
system, (2) the presence of a base plate can have beneficiary effects on the local
behaviour of the column at the highly stressed region of rocking plane [4].

Figure 2 plots the lateral force-drift response for the specimens. As shown in
Fig. 2(a), a base plate resulted in having a higher post-uplifting stiffness which
led to a higher lateral load capacity. An examination of the specimens following
the tests confirmed that the base plate prevented local distortion of column at the
rocking plane. The detrimental effects of local buckling are demonstrated in Fig. 2(b).
The evolution of excessive out-of-plane deformation of the tube near the rocking
interface throughout the lateral displacement cycles yielded in progressive stiffness
and strength degradations and eventually led to the loss of self-centering ability.
Figure 2(c) compares the specimens with and without ED devices. As expected,
having EDs resulted in higher energy dissipation for the system.

Table 1 Details of specimens

Specimen dc × tc (mm) dbp × tbp (mm) fPT,0/ fPT,u

RP1-DT43-PT45 406 × 9.53 − 0.45

RP2-DT64-PT37 406 × 6.35 − 0.37

RP3-DT43-PT44-BP20 406 × 9.53 508 × 25.4 0.44

RP4-DT43-PT47-BP20-ED45* 406 × 9.53 508 × 25.4 0.47

* Four EDs added at an angle of 45° w.r.t the loading direction
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Fig. 1 Details of Specimen RP4-DT43-PT47-BP20-ED45 (dimensions in mm)

(a) (b) (c)

Fig. 2 Experimental lateral force vs. drift response of specimens

3 Validation of FE Modeling Procedure

3D continuum FE models of the specimens (e.g. Fig. 3) were constructed using [2].
8-noded solid elements were used to mesh the volumes. Surface elements covering
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Fig. 3 FE model of Specimen RP4-DT43-PT47-BP20-ED4

underlying solid elements were utilized to model contacts between various compo-
nents. Depending on the expected behaviour, contacts were set to be either bonded
(tied) or standard (frictional). Reinforcing bars were modeled using link elements
which share mutual nodes with the solid elements of the concrete base. Cyclic tests
on dogbone specimens were conducted to obtain the kinematic and isotropic material
responses which used in the calibration of nonlinear material model (Chaboche). A
plastic link element was placed in the load path of the strands to indirectly model
the cyclic wedge seating and corresponding loss of prestressing force. Eigen value
analyses of the tube and fuse length of ED devices were performed, then they were
perturbed from their perfect shapes using a combination of their mode shapes. The
sequence of loading including prestressing the strands and base rods, and lateral
displacement application was the same as the tests. Figure 4(a) displays the compar-
ison between the experimentally recorded lateral force-displacement behaviour of
Specimen RP4-DT43-PT47-BP20-ED4 and simulated FE response as well as the
deformed shape of the FE model at the largest drift. Good correlation of experiment
and FE responses indicates that the FE procedure is able to accurately predict the
lateral cyclic behaviour of this system.
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(a) (b)

Fig. 4 a FE-experiment lateral force-drift comparison, b deformation at largest drift

4 Parametric Study

In order to perform a parametric study, a simplified 3D continuum FE model of
the rocking steel pier was generated (Fig. 5a). The foundation and base plates and
tube were modeled by solid elements. Surface elements were used to model gap
opening/closing at the rocking interface. Frame elements were utilized to model
the tendon. The tendon was fixed to the top of the column using rigid links. It was

Tendon

Rigid links connecting
tube top nodes to tendon

Interface Crustal

2×DL 2×DL

(a) (b)

Fig. 5 a Simplified FE model of a rocking steel pier, b two-stage cyclic loading protocol
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assumed that the ED devices did not have significant impact on the lateral stiffness
and strength of the system, hence, no ED elements were considered. As shown
in Fig. 5(b), the loading protocol consists of two stages illustrative of a scenario
where the rocking pier experiences two earthquakes in its lifetime. These stages are
representatives of interface and crustal earthquakes, each followed by analyzing the
pier under increased dead load by 100% as a rather conservative consideration of the
code required performance [3] following an earthquake, i.e. the pier should be able
to resist dead load plus 50% live load. The simulations were conducted using [5] and
Compute Canada clusters.

In the first set of analyses, height to thickness ratio (hc/dc) of the pier, diameter-to-
thickness (dc/tc) of the tube, initial axial force ratio due to superstructure load, cross-
sectional area of the tendon, and the amount of posttensioning force were varied.
The initial axial force ratio is obtained by dividing the force from the superstructure
load and tendon initial posttensioning by the tube axial yield strength. Residual drift
after each analysis was calculated as an indication of the pier performance. The base
plate diameter and thickness were kept constant.

An analysis of main effects and their interactions showed the cross-sectional area
of the tendon and initial PT, initial axial force ratio due to superstructure load and
diameter-to-thickness of the tube are the most influential parameters on the residual
drift. Initial axial force ratio can partly embed the effect of tendon-related and dead
load factors, however, it neglects the effect of increase in the PT force due to uplift
which can play an important role in the buckling behaviour of moderately thin tubes.
Figure 6 displays the generally increasing trend of residual drift with increasing
initial axial force ratio and diameter-to-thickness ratio of the tube. Also, it suggests
that these influential parameters can be adjusted such that the required performance
is met. In the next set of analyses, diameter (dbp = dc + 2ebp) and thickness (tbp)
of the base plate were added to the varied parameters. The effect of these variables
for the tube diameter-to-thickness ratio of 68.5 and three tube aspect ratios is shown
in Fig. 7. Lbp is the largest dimension of the base plate cross section at the edge of
the tube. This figure indicates that the base properties can affect the residual drift for
initial axial force ratios above 20%. These effects are less severe for smaller values
of dbp/tc. However, the effects of the base plate properties are less pronounced than
those of the dc/tc ratio.

Fig. 6 Effect of axial force and diameter-to-thickness ratio of tube on residual drift
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Fig. 7 Effect of base plate dimensions and initial axial force ratio on residual drift for dc/tc = 68.5

5 Conclusions

This paper presents experimental and numerical investigations on the lateral cyclic
behaviour of rocking steel bridge piers. The results of four cyclic tests were summa-
rized. It was shown that a pre-compressed hollow tube can return to its plumb position
after being subjected to limited lateral displacements if local buckling is prevented.
The addition of a base plate can improve the local and global behaviours of the system
by protecting the tube at the rocking interface and increasing the post-uplifting stiff-
ness. It was demonstrated that the continuum FE approach is able to capture the
complex contact nonlinearity that occurs while the column uplifts, hence, it results
in an accurate prediction of the lateral cyclic response of the system. The validated
FE procedure was used to develop a simplified model of the system for a parametric
study. Various parameters including tube and base plate dimensions, axial forces
due to bridge dead load and initial posttensioning force, and tendon sectional area
were considered as independent variables. Each variation of the systemwas analyzed
under a two-stage cyclic loading and the resulting residual drift was recorded as the
dependent variable. Tendon area, initial PT force, axial force due to dead load and
diameter-to-thickness ratio of the tube were found to be the most influential factors
on the pier residual drift. Base plate dimensions may affect the residual drift for high
initial axial force ratios of the column. The residual drift can be reduced limited by
limiting the proper selection of diameter-to-thickness ratio of tube and the initial
axial force ratio.
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Shape Factor Influence of Fibre
Reinforced Elastomeric Isolators
on the Seismic Response of a Bridge Pier

Miah Mohammed Riyadh, Jhordy Rodriguez, and M. Shahria Alam

1 Introduction

Bridge infrastructures play a key role in the transportation network of any country
or region. Significant challenges underly to keep the bridges safe during such catas-
trophic events [22]. The concept of base isolation using elastomeric bearings is a well
understood concept and widely utilized for alleviating the consequences following
a seismic event. Large movements can be mitigated by placing a flexible damping
system between the substructure and superstructure. Common examples of such flex-
ible damping devices are lead core rubber isolators or traditional elastomeric isolators
[12, 17, 30]. Fibre reinforced elastomeric isolators (FREIs), when compared to tradi-
tional elastomeric isolators, have the steel reinforcement layers substituted with an
appropriate fibre material. As a result, FREIs are much lighter, cheaper as it does not
require a labor-intensive bonding process, and can be mass produced with the help
of precision cutters to shape them into required sizes from larger dimensions [9, 14].

[13] proposed a simplified theory to address issues with stability in elastomeric
bearings. The theory relates the critical load capacity of elastomeric bearings being
a function of the shape factors. The shape factor (SF) is a measure of the local
geometry of an elastomeric bearing that quantifies the inverse of each elastomeric
layer’s slenderness. The secondary shape factor (SF2) is a measure of the inverse of
the global slenderness which describes the bearing’s tendency to remain stable under
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lateral displacements. Values SF > 5 of and SF > 3 are recommended to maintain
good performance in both vertical and horizontal directions [21].

In this study, the seismic response of a prototype bridge pier is explored when
isolatedwith carbon fibre reinforced elastomeric isolators (C-FREIs). By considering
four different shape factors for the C-FREIs, the seismic response of the isolated pier
models was compared to the non-isolated pier model. The material model for the
high damping elastomer in the C-FREIs was first introduced and compared with
reference experimental data. From the validated material model, four full-scale C-
FREIs were designed having different shape factors. From the hysteresis behavior
of the isolators, bilinear models were developed for each C-FREI which were incor-
porated into a suitable bridge pier numerical model. Three different ground motion
sets (crustal, intraplate, subduction) were considered with each set having 11 ground
motion records. Finally, non-linear time history analyses were carried out to obtain
the dynamic response of the bridge piers and compare their seismic performance.

2 Modelling of Carbon-Fiber Reinforced Elastomeric
Isolators

2.1 Validation of the High Damping Elastomer (HDE)
Material

High damping elastomers (HDEs) have higher damping capacity and can withstand
higher magnitudes of strain when compared to synthetic elastomers. HDEs are fabri-
cated using vulcanized rubber synthesized with explicit materials such as extra-fine
carbon black, oil, plasticizer, and other exclusive fillers [29]. It is difficult to accu-
rately capture the rheological response of HDE due to its complex and non-linear
behavior experienced at large deformations (often referred to as scragging behavior).
Many analytical and theoreticalmodelling techniques have been applied to accurately
capture the hysteresis behavior of high damping elastomers which is a function of
strain amplitude combined with Mullins’ effect [2, 20].

Themodelling of HDE in this study was done in a finite element software ANSYS
(2019 R3). The mechanical response of HDE subjected to combined compression-
shear loadings is often captured by a hyper-elastic or a hyper-viscousmaterial. Hyper-
viscosity refers to a hybrid material model constituting the elastic behavior being
denoted with a hyper-elastic material while the rate-dependent damping character-
istic under pure shear load is denoted with a viscoelastic model. A combination
of higher order Mooney-Rivlin hyper-elastic material and Prony viscoelasticity has
been integrated to simulate the strain hardening behavior at large strains in several
studies, providing excellent accuracy [1, 10]. Therefore, a 9 parameter Mooney-
Rivlin is used to simulate the hyper-elastic behavior, and a Prony material model is
selected to simulate its viscoelastic shear response.
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Fig. 1 Validation of the high damping rubber model with experimental results [6] adapted from

The accuracy of the material model chosen for HDE is proven by comparing it to
an experimental investigation conducted on a high damping elastomeric bearing as
demonstrated in Fig. 1 [6]. The dotted lines represent the experimental data while the
solid lines represent the numerical data. As observed, the proposed material model
is capable to capture the behavior of HDE to an acceptable degree of accuracy. The
highest variations between the results are in the negative shear strain region due to
the challenges associated with applying perfect symmetry conditions in real-time
experiments with an absolute error lower than 10%.

2.2 Design of Carbon-Fiber Reinforced Elastomeric Isolators
(C-FREIs)

Full-scale C-FREIs are designed in this section to be used as an isolation system for
a bridge. To this end, four C-FREIs are modelled in bonded applications which have
variable shape factors. The shape factor (SF) and the secondary shape factor (SF2)
are calculated according to Eqs. 1 and 2.

SF = (L ×W)/(2teL + 2teW) (1)

SF2 = W

nete
(2)

Where, L and W are the length and width of the bearings, respectively, te is the
thickness of individual elastomer layers, ne is the number of elastomer layers.

This study is conducted on square shaped bearings to maintain consistency in
both longitudinal and transverse directions. According to Eqs. 1 and 2, variations in
the shape factor can be obtained either by varying the loading area of the bearings or
the thickness of each elastomer layer while the secondary shape factor can be varied
by either changing the thickness of each elastomer layer, the number of elastomer
layers, as well as the loading area. In this study, changes in the shape factors were
achieved by changing each elastomer layer thickness (te) whilst keeping the loading
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Table 1 Physical dimensions and shape factors of the designed C-FREIs

Bearing L ×W (mm2) ne te (mm) nf tf (mm) He (mm) SF SF2

C-FREI-1 400 × 400 7 12.50 6 4 111.5 8 4.6

C-FREI-2 400 × 400 7 10.00 6 4 94.0 10 5.7

C-FREI-3 400 × 400 7 8.30 6 4 82.1 12 6.9

C-FREI-4 400 × 400 7 7.15 6 4 74.1 14 8.0
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Fig. 2 (a) Shear force vs. Shear displacement hysteresis curves for C-FREIs with variable shape
factors (b) Idealized bilinear models of C-FREIs with variable shape factors

area and the number of elastomer layers constant. Table 1 displays the geometric
dimensions of the four C-FREIs. He is defined as the total height of the bearing as
given in Eq. (3).

He = (ne × te)+ (nf × tf) (3)

Where, nf and tf are the number of carbon-fiber reinforcement layers and the thickness
of each reinforcement layer, respectively.

Values of SF and SF2 are chosen accordingly to have superior performance in
both vertical and horizontal directions [21, 28]. To model the C-FREIs in ANSYS,
the validated 9 parameters Mooney Rivlin-Prony material model is chosen for the
elastomer layers. Carbon fiber reinforcement layers are modelled with orthotropic
elasticity with the parameters adapted from [7]. Each C-FREI is bonded to thick steel
end plates which are modelled as an elastic isotropic model with Young’s modulus
of 200 GPa and Poisson’s ratio of 0.3.

The C-FREIs are subjected to compressive-shear loadings to obtain the hysteresis
functions. The numerical testing method is done according to as described in ISO
22762 [11]. The bearings are subjected to constant vertical pressure of 7.5 MPa
followed by 3 cyclic shear displacementswith a frequency of 0.5Hz and an amplitude
of 70mm. The loading is applied to the bearing’s top end steel plate where the bottom
end plate is fixed in all directions. Figure 2a shows the hysteresis loops obtained from
the finite element results for the four C-FREIs. It is observed that C-FREI with a
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Table 2 Bilinear model properties of the designed C-FREIs

C-FREI SF Ko (kN/mm) FY (kN) r

C-FREI-1 8 1.86 46.6 0.162

C-FREI-2 10 2.53 60.2 0.156

C-FREI-3 12 3.16 77.6 0.143

C-FREI-4 14 3.61 93.7 0.114

higher shape factor has higher horizontal stiffness and equivalent damping ratiowhen
compared to a lower shape factor.

2.3 Bilinear Modelling of Carbon-Fiber reinforced
Elastomeric Isolators (C-FREIs)

To characterize the behavior of an elastomeric bearing under cyclic loads, a bi-
linear model is often preferred due to its simplicity when compared to other high
damping elastomer material models [16]. A bilinear force–displacement relationship
is represented with two linear slopes where each slope represents a particular stiff-
ness magnitude. The stiffness of high damping isolators reduces at higher strains
causing two different linear branches referred to as pre-yield and post-yield stiff-
nesses. Moreover, the bilinear model is the most suitable and readily available model
in the software SeismoStruct (SeismoSoft 2021), which is used for modelling the
bridge pier. Figure 2b shows the idealized bilinear models for the C-FREIs. The
bilinear model properties are listed in Table 2. The model properties are determined
by taking the stiffness, residual deformation, and the energy dissipated per cycle.

3 Modelling of Bridge Pier

3.1 Description of the Prototype Bridge Pier

To evaluate the seismic response of the bridge pier isolated with C-FREIs, a suitable
bridge prototype needs to be selected. For this study, a single bridge pier system
utilized in several shake-table tests at the University of California, Berkley, was
considered [26]. The specimen was subjected to uniaxial shake table excitation to
evaluate the nonlinear response (seismic performance) under such specifications. The
test was carried out considering only the transverse direction of the bridge, allowing
it to have fixed at the base and free at the top boundary conditions.

The specimen consisted of a 1.22 m-diameter (D) circular column of 7.32 m-
height (L) above the footing, resulting in a height-to-diameter ratio (L/D) of 6
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Fig. 3 Bridge Bent configuration and geometry and cross-section of the column

(predominant flexural behaviour). The column was provided with a longitudinal
reinforcement ratio (ρo) of 1.55%, and a transverse volumetric configuration ratio
(ρs) of 0.95%. The superstructure mass of the bridge was represented by a concrete
block weighing 2.32 MN cast on top of the column. The bridge configuration is
shown in Fig. 3. For more information, the reader can refer to the complete research
report available on the PEER website [24].

3.2 Numerical Modelling and Validation of the Prototype
Bridge Pier

The softwareSeismoStruct (SeismoSoft 2021)was utilized to create a suitable numer-
ical model using force-based fiber-elements. The transverse response of the structure
was represented by a single-degree-of-freedom (SDOF) model [25]. Likewise, the
mass of the superstructure (two adjacent half spans)was lumped at the effective height
from the foundation level to the centroid of the superstructure. A three-dimensional
inelastic force-based element with five Gauss–Lobatto quadrature integration points
was implemented tomodel the bridge pier. The constitutive laws ofmaterials (nonlin-
earity) were defined as per the [18] and Menegotto and Pinto (1973) models, for the
concrete and reinforcement steel, respectively. To connect the top of the column to
the centroid of the superstructure a rigid link element was utilized. Similarly, an
elastic rotational spring was added at the bottom end of the column to simulate bar-
slip rotations. The effective stiffness (KSE) and the effective strain penetration length
(lsp) are included and calculated using the expressions proposed by [8] and [23],
respectively.
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Fig. 4 Comparison of the experimental and numerical time-history displacement response

Before utilizing the numerical model, validation of the model with the experi-
mental data reported is a critical step. The displacement time-history response gener-
ated numerically was compared against that measured experimentally by [26], as
shown in Fig. 4.

From the figure, it is evident that the model can accurately predict the dynamic
response of the bridge pier in the transverse direction under seismic loads. To model
the bridge pier isolated with C-FREIs, an elastic bilinear link element was added
connecting the top of the column to the centroid of the superstructure. The bilinear
link element was modelled using the parameters reported in Table 2.

3.3 Selection of Ground Motions

The Cascadia subduction zone was considered to select the seismic hazards. This
region is a high seismic region delimited from Northern California in the United
States to Northern Vancouver Island in Canada. Here, three different sets of earth-
quake types have been identified: crustal earthquakes, subcrustal earthquakes, and
subduction earthquakes [4], with each set having 11 records. The ground motion
recordswere obtained from thePacificEarthquakeEngineeringResearchCenter [24],
Consortium of Organizations for Strong Motion Observation Systems (COSMOS),
andKyoshinNetwork (K-Net) databases, for crustal, intraplate, and subduction earth-
quakes, respectively. For each recording station, only the transverse horizontal ground
motion components were considered. All ground motions were spectrally matched
to the target design spectrum of Vancouver soil class C (2% in 50 years seismic
hazard). Details of the selected ground motion sets are given in Table 3 and their
mean response spectrum is shown in Fig. 5. In the next section, displacement time
history analyses are carried out to obtain the relative displacements for each ground
motion record.
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Table 3 Details of the ground motions sets

Ground motion set Number of records Moment magnitude
range

Ra (km) PGA range (g)

Crustal 11 6.61–7.40 13–51 0.109–0.568

Intraplate 11 6.80–7.60 59–93 0.187–0.489

Subduction 11 9 152–166 0.800–1.246

Ra = Range of the closet distance to the rupture surface

Fig. 5 Mean response
spectrum of the selected
seismic hazards
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4 Results and Discussion

The superstructure mass was isolated from the pier by placing the C-FREIs between
them.As a result, the forceswhich are transferred to the pier are considerably reduced.
In this regard, the maximum relative displacements (δmax) (displacement of the top of
the pier with respect to the base) for the isolated pier will decrease compared to those
from the non-isolated pier. Figure 6 shows the variations of the relative displacements
of the pier subjected to various types of seismic hazards. An example of one record
from each seismic hazard is included in Fig. 6 for visualization purposes.

Implementing the elastomeric bearings to isolate the bridge pier from the super-
structure mass causes a significant reduction in the relative displacement of the pier
as observed in Fig. 6. For all three different seismic hazards, the C-FREIs were
successfully able to reduce the peak displacements experienced by the pier. A non-
comprehensive visualization of the results shows that C-FREIs with different values
of shape factors almost have similar performance to reduce the relative displacements
incurred by the bridge pier. For instance, when comparing Fig. 6(a) and (b), for a
specific record of crustal and sub-crustal seismic hazards respectively, C-FREIs with
higher shape factors had a slightly superior performance in reducing the displace-
ments incurred by the bridge pier. This behavior is expected as C-FREIs with a higher
shape factor correspond to higher lateral stiffness and energy dissipating capability
as depicted in Sect. 2.2.

Comparing Fig. 6(c) for the subduction hazard, a clear consensus cannot be
made between the performance variation of the different C-FREIs due to their
very similar performance levels. It is also noteworthy to mention that subduction
records give higher peak displacements when compared to the other types of ground
motion. However, in this study, the records were scaled to Vancouver site class C
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Fig. 6 Displacement time history response for (a) crustal hazard record (b) subcrustal hazard
record (c) subduction hazard record

(2% in 50 years seismic hazard), which resulted in the subduction records giving
lower displacements. The maximum relative displacements (δmax) experienced by
the bridge pier subjected to each ground motion is an excellent indicator to deter-
mine its state of damage. The damage limit states are defined according to Cana-
dian Highway Bridge Design Code CSA S6-19 Table 4.16 [5] as minimal damage,
repairable damage, extensive damage, and probable replacement. It is important to
note that for the non-isolated pier, δmax for crustal and subduction hazards (for all
ground motion records) did not exceed minimal damage. However, for subcrustal
hazard, the δmax experienced by the pier exceeded the minimal damage state for the
majority of the groundmotion records but did not exceed the repairable damage state.

Figure 7 shows the box and whisker plots for the isolated and the non-isolated pier
for all ground motions belonging to specific hazard level. Figure 7(a), (b), and (c)
correspond to crustal, subcrustal, and subduction hazards, respectively. For crustal
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Fig. 7 Box andwhisker plots for themaximum relative displacements for the pier (a) crustal hazard
records (b) subcrustal hazard records (c) subduction hazard records

ground motions (see Fig. 7a), the mean maximum displacement (δmean) of the non-
isolated pier is 24%, 36%, 31%, 38% higher than the pier isolated with C-FREIs
having a shape factor of 8, 10, 12, and 14, respectively. Similarly, for subcrustal
ground motions (see Fig. 7b), δmean for the non-isolated pier is 20%, 23%, 23%, and
36% higher than the pier isolated with C-FREIs having a shape factor of 8,10,12, and
14, respectively. For the subduction ground motions (see Fig. 7c), the pier isolated
with C-FREIs having shape factors of 8, 10, 12, and 14 reduce the δmean values by
69%, 74%, 58%, 59%, and 52%, respectively compared to the non-isolated pier.
These values imply that isolating the pier with C-FREIs are successfully able to
dampen the forces transmitted to the pier thereby reducing the peak displacements
incurred by the pier. However, it is worth noting that the damping offered by the C-
FREIs are more pronounced for subduction type hazards. Moreover, different values
of shape factors of the C-FREIs are observed to have very minimal variation for
subduction type hazards, while for crustal and subcrustal type hazards, C-FREIs
with higher shape factor are observed to have a slightly enhanced performance in
damping the forces transmitted to the pier.

The damage states of the C-FREIs under respective groundmotions are of concern
due to their highly non-linear behavior under strong ground motions. The damage
limit states of elastomeric bearings are determined based on available literature
adapted fromZhang andHuo (2009). The damage states are based on the shear strains
of the elastomeric bearings labelled as slight, moderate, extensive, and collapse,
corresponding to 100%, 150%, 200%, and 250%, respectively. According to the
strains calculated, for crustal type hazard, C-FREIs with the highest shape factor
experienced extensive damage for only one ground motion. For subcrustal type
hazard, C-FREI with the highest shape factor experienced collapse under three
ground motion records. For subduction type hazard, the C-FREIs did not exceed
the minimal damage. This imply that C-FREIs with a lower shape factor will
often be preferred due to their ability to experience larger strain levels, and similar
performance to C-FREIs with higher shape factors.
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5 Conclusion

The performance of carbon-fiber reinforced elastomeric isolators (C-FREIs) with
variable shape factors are studied by isolating a bridge pier in the transverse direc-
tion. Initially a numerical material model for high damping elastomermaterial is vali-
dated for designing the C-FREIs. Bilinear models are developed from the hysteretic
behavior of the designed C-FREIs obtained from numerical simulations. The bilinear
models were implemented alongwith the bridge pier numerical model to represent an
isolated system subjected to three different hazards (crustal, subcrustal, and subduc-
tion). Displacement time history analyses were carried out to measure the seismic
performance of the isolators and investigate their effectiveness. According to the
results obtained, the C-FREIs were able to significantly reduce the peak displace-
ments experienced by the pier system, thereby limiting their structural damage. C-
FREIs with higher shape factors are observed to have a slightly superior performance
for crustal and subcrustal type hazards. Whereas, for subduction type hazards, vari-
able shape factor values are seen to have similar seismic performance. Moreover,
isolating the pier system with C-FREIs are the most effective in subduction type
hazards. Furthermore, larger strain levels are obtained for C-FREIs with a higher
shape factor which are more prone to damage for strong ground motion records.
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Effect of Slenderness Ratio on HSC
Columns Reinforced with GFRP Bars
and Spirals

M. Almomani, K. Mahmoud, and E. El-Salakawy

1 Introduction

Many attempts have been made to eliminate corrosion in reinforced concrete struc-
tures, but different treatments of existing steel reinforcement only seem to delay
the inevitable corrosion [2]. The industry has turned to alternatives such as fiber-
reinforced polymers (FRP) reinforcement. Many research studies have been carried
out in recent years to investigate the behaviour of such materials, which were
successful in proving the viability of FRP reinforcements. The use of glass FRP
(GFRP) has been found to be more viable than other types due to its relatively cheap
cost and its higher deformability [12]. Themajor differences between steel andGFRP
reinforcement is the lack of yielding behaviour in GFRP and its lowmodulus of elas-
ticity and compressive strength. GFRP bars showed effective contribution to column
capacity as verified by multiple studies [1, 4, 8, 9, 13], however, codes are still very
conservative about their use in such structural elements. Codes, such as the Cana-
dian code for FRP-RC building structures, CSA S806-12 [7] and the ACI 440.1R-15
[3] design guideline do not consider any compressive capacity of FRP longitudinal
reinforcement. However, the Canadian code for bridges, CSA S6-19 [6] has very
recently allowed for considering of compression in bars, while limiting the strains
in the FRP bars to 0.002.

The current literature provides evidence of the viability of GFRP reinforcement in
columns with normal-strength concrete (NSC) [4, 12, 13]. However, high-strength
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concrete (HSC) has not been deeply investigated. The behaviour of HSC is very
different from that of NSC, where it is more brittle and has different cracking
behaviour. This makes it necessary to investigate the behaviour of HSC reinforced
with GFRP reinforcement to provide enough data and make it possible to understand
the behaviour of such combination. Studies, such as [9, 10], and [11], have inves-
tigated the GFRP-HSC short columns. It was found that GFRP reinforced columns
behaved very similarly to steel-RC columns but were generally not as efficient in
sustaining loads. Furthermore, replacing steel with GFRP resulted in a decrease in
axial capacity of the columns. However, the ductility in GFRP-HSC columns was
still higher than that of steel-RC columns.

Recently, [1] tested slender HSC columns reinforced with GFRP bars and spirals.
The results for theHSCmembers showedmaterial type failures as opposed to stability
type failures. The study also provides evidence to the capability of GFRP bars to
contribute to the axial capacity as well as lateral confinement and lateral resistance.
Current data still needs to be verified to due to its scarcity, and thus, more research
is required to make a meaningful impact on design codes and guidelines.

2 Experimental Program

2.1 Code Provisions and Specimen Design

The columns presented in this study were designed in accordance with the Canadian
Standards for FRP-RC structures and bridges [5–7] where appropriate. The speci-
mens were constructed with a diameter of 350 mm, which satisfying the dimensional
limitation as per CSA A23.3-19 [5]. Furthermore, the CSA S6-19 [6] dictated that
compression members must have a minimum height-to-diameter ratio of 2.5, this
was satisfied for all specimens. In addition to dimensions of the columns, the rein-
forcement ratio used satisfies the minimum reinforcement ratio of 1.0% as required
by CSA S806-12 [7], Clause 8.4.3.7. The longitudinal reinforcement consisted of
six bars as required by Clause 8.4.3.8. Moreover, the spiral reinforcement satisfies
Clause 8.4.3.13 of the CSA S806-12 [7] resulting in No. 10 bars spirals with a 75mm
pitch (clear spacing). The spiral pitch used is also more than the minimum require-
ment for the volumetric ratio of spiral reinforcement, where theminimum is provided
by the following equation:

ρFs = f
′
c

fFh

(
Ag

Ac
− 1

)(
P

P0

)
(1)

p

p0
≥ 0.2 and

Ag

Ac
≥ 0.3 (2)
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where Ag is the gross area of the section, Ac is the area of the concrete core f Fh is
the design stress level of the transverse confinement reinforcement.

2.2 Specimen Details

Six large-scale columns reinforced internally with GFRP bars and spirals were
constructed and tested to failure. The diameter of the specimens was 350-mm and
the heights were 1250, 1750 and 2450 mm, representing slenderness ratios (λ) of 14,
20 and 28, respectively. All columns were reinforced with No.15 and No.10 GFRP
bars and spirals according to the requirements of CSA S806-12 [7]. A 25-mm clear
concrete cover to the spiral was provided. The dimensions and details of columns
are shown in Fig. 1.

The reinforcement consisted of sand-coated bars and spirals. The columns were
reinforced with 6 longitudinal bars and had a spiral pitch of 85 mm. The properties
of GFRP bars and spirals are summarised in Table 1. The columns were cast with a
target 28-day concrete compressive strength of 60 MPa. The cylinders were tested
on the day of testing of the corresponding specimen. The average concrete strength
of the specimens was 61.3 MPa.

Fig. 1 Reinforcement detailing and specimen dimensions
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Table 1 Mechanical properties of GFRP reinforcement

Bar No. Diameter (mm) Area of bar (mm2) Modulus of
elasticity (GPa)

Tensile strength
(MPa)

No. 10 (Spirals) 9.5 71 50 1,022

No. 15 (Straight
bars)

15.9 199 62 1,184

Table 2 Test matrix and failure loads

Specimen name Long reinforcement
ratio (%)

Spiral reinforcement
ratio (%)

Concrete strength
(MPa)

Pu
* (kN)

S-14-17 1.21 1.11 57.1 3,926

S-14-34 1.21 1.11 56.0 1,819

I-20-17 1.21 1.11 60.3 3,599

I-20-34 1.21 1.11 65.0 1,671

L-28-17 1.21 1.11 64.0 3,125

L-28-34 1.21 1.11 65.4 1,415

*Normalised using the average concrete strength with ratio 61.3/f c ′

The test matrix is provided in Table 2. The two main variables are the slenderness
ratio (λ = k�/ r) and the e/D ratio; where “e” is the eccentricity at which the load was
applied and “D” is the diameter of the specimen (350 mm). The specimen names
consist of three parts reflecting the test parameters. The first indicates whether the
column is short or slender (S for Short, I for Intermediate and L for Long/Slender).
The second number refers to the slenderness ratio (14, 20 and 28). The last number
represents the e/D ratio (17 and 34 for 0.17 and 0.34, respectively).

2.3 Test Setup and Instrumentation

The columns were tested under a displacement controlled monotonic load using a
5000-kN capacity hydraulic machine. The boundary conditions for the test were a
pin-pin condition and were ensured using two specially fabricated steel collars. Each
set of a specific slenderness ratio was tested under two eccentricities of magnitude 60
and 120mm. The specimen and test setup are shown in Fig. 2. The columnwas instru-
mentedwith horizontal linear variable displacement transducers (LVDTs) tomeasure
the lateral displacement. Electrical strain gauges, installed at critical locations, were
used to monitor the developed strains in the reinforcement and concrete.
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Fig. 2 A specimen in the
test setup

Actuator

Steel 
collars

Pin 
connection

Specimen

3 Experimental Results and Discussion

3.1 General Behaviour and Failure Modes

Figure 3 shows the test specimens at failure. All specimens failed by crushing of
concrete. In specimens with e/D ratio of 0.34, concrete crushing was preceded by
cracks on the tension side. On the other hand, the specimens with e/D ratio of 0.17
showed tension cracks simultaneously with the crushing of concrete near failure.
In all specimens, the failure was followed by a sharp drop in axial load. Specimen
S-14-17 failure occurred by crushing of the concrete, followed by crushing of the
outermost compression bar and the rupture or the spiral at the same location. In the
remaining columns, reinforcement showed no signs of crushing/rupture failure even
after the loss of 25% of the load capacity.

3.2 Effect of Test Parameters on Column Axial Capacity

Themaximum capacities varied greatly with both test parameters. Specimen S-14-17
reached 3,926 kNwhile columns I-20-17 and L-28-17 achieved reduced capacities of
3,599 and 3,125 kN, respectively. The difference in those values represent a decrease
of 8.3 and 13.2% when increasing the slenderness ratio from 14 to 20 and from
20 to 28, respectively. Similarly, increasing the e/D ratio resulted in a reduction in
the column capacity. Column S-14-34 had a maximum axial capacity of 1,819 kN,
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S-14-17 S-14-34

I-20-34I-20-17 L-28-34L-28-17

Fig. 3 Mode of failure of tested specimens

which represents a 53.7% decrease in axial capacity as compared to its counterpart
S-14-17. Furthermore, specimen I-20-34 and L-28-34 had a maximum capacity of
1,671 and 1,415 kN, which represents a decrease of 53.6 and 54.7% compared to
that of columns I-20-17 and L-28-17, respectively. The change in eccentricity had
a pronounced effect on the axial capacity than the change in slenderness ratio. The
change in e/D ratio caused a very consistent loss of load over the different slenderness
ratio with an average of 54%.

3.3 Lateral Displacement

In general, as the slenderness ratio increases, the lateral displacement of the columns
at mid-height increased (Fig. 4). For columns with e/D of 0.17 at peak load, the
lateral displacement for columns S-14-17, I-20-17 and L-28-17 was 2.36, 5.82 and
8.87 mm, respectively. This represents an increase in the lateral displacement of 146
and 275% when the slenderness ratio increased from 14 to 20 and further to 28,
respectively. Similarly, a decreasing trend is observed for columns with e/D ratio
of 0.34. The shortest column, S-14-34 showed a mid-span lateral displacement of
4.1 mm. When the slenderness ratio is increased to 20 and then further to 28, the
lateral displacement reached 8.6 and 15.56 mm, respectively, which translate into an
increase of 110 and 280%, respectively. Furthermore, lateral deflections increased
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by 74, 48 and 75.4% when the e/D ratio increased from 0.17 to 0.34 in columns with
slenderness ratios 17, 20 and 28, respectively.

4 Conclusion

This paper presents the experimental results of six large-scale high-strength concrete
columns reinforced internallywithGFRPbars and spirals. The following conclusions
can be drawn.

1. All columns were able to resist the applied eccentric axial load and did not
show stability type failures. All columns experienced material type failure
characterised by crushing of the concrete cover.

2. The increase in slenderness ratio from 14 to 20 and from 20 to 28 showed a
decrease in axial load capacity by 8.3 and 13.2%, respectively.

3. Increasing the e/D ratio had a more significant effect on the axial load capacity
than the change in slenderness ratio. Doubling the e/D ratio, from 0.17 to 0.34
showed a decrease in the axial capacity of 53.7, 53.6 and 54.7% for columns
with slenderness ratio 14, 20 and 28, respectively.

4. Increasing the slenderness ratio from 14 to 20 and further to 28 increased the
lateral deflections by 146 and 52.4%, respectively, at the peak load for specimens
tested under e/D of 0.17. For the same increase in the slenderness ratio, the
lateral displacement at the peak load increased by 110 and 81%, respectively,
for columns tested under e/D of 0.34.
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Reinforcing Bar Connection
of Hollow-Core Slabs to Steel Beam
Supports

S. Hernandez Brito, K. Mahmoud, K. Truderung, and E. F. El-Salakawy

1 Introduction

Precast/Prestressed hollow-core slabs are commonly used to cover large spans in
industrial and residential buildings. Designers prefer such slabs because of their
cross-section efficiency and relatively lightweight, which leads to smaller section
heights and deflections as well as longer spans. Other practical advantages include
the convenience of the voids for mechanical, wiring and plumbing runs to save floor
height and the noise isolation capabilities.

WhenHCS are supported on steel beams, a size 10M“Z-shaped” steel reinforcing
bar is commonly inserted between adjacent HCS and welded to the top flange of the
steel beam. This type of connection is called “End Bearing Connection.” Similar
connection detailing is placed along the side of slabs, which is known as “Side
Bearing Connection.” According to construction practice in Eastern Canada, the
connection bar has a minimum embedment length of 450-mm in regular-strength
grout. The Z-steel bar is welded to the flange of the beam, leaving the external
portion unrestrained, which is typically around 70-mm in length. Figure 1 shows
the geometry of the bar for end and side bearing connections. However, different
connection detailing is employed across Canada to tie the slabs to the supports. For
instance, in Manitoba, it is common to weld stud-headed connectors on top of the
flange of the beam and place hooks around this stud-headed connector. The hooks are
then extended up to the shear key of the slab. Later, grout is poured in the connection
to integrate the hooks to the slab. In addition, steel plates or angles can be welded
to the top flange of the beam, and an expansion bolt is used to connect the plate to
the slab. On the other hand, the [4] Manual for the Design of Hollow Core Slabs and
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(a) 10M Connection bar for end bearing HCS (b) 10M Connection bar for side bearing HCS

Fig. 1 Typical connection detailing

Walls lists a series of connection detailing schemes that could be employed to avoid
slab displacements. Nevertheless, the connection reinforcing bar shown in Fig. 1 is
particularly widespread in North America because of its low cost, convenience and
fast installation.

This steel reinforcement is used to tie the slab to the supports at the construction
stage. Moreover, these bars maintain the overall structural integrity of the building.
This connection prevents slab displacements that could result in loss of alignment of
the units while erecting the floor or losing their bearing on the steel beam completely,
leading to catastrophic accidents. In addition, the connection steel bar provides lateral
bracing to the top flange of the steel beam. Moreover, HCS floors are designed to act
as horizontal diaphragms, which transfer lateral loads (wind or seismic) to the steel
structure throughout the steel connection bar.

Despite the importance of tie detailing in maintaining the structural integrity of
buildings during the construction and at service, there are no provisions for their
design in the North American codes. For instance, the Canadian Precast Concrete
Institute Design Manual [1] and the CSA-A23.3-19 Design Standards [3] recom-
mend using the shear-friction theory to quantify the reinforcement ratio required for
placing ties in HCS floors. However, this concept is more applicable to monolithic
or continuous connections, which is not the case for this specific type of connection.

In addition, the CSA A23.3-19 [3], the Prestressed Concrete Institute [4] Design
Manual and ACI 318-19 Design Code [2] stated that longitudinal and transverse ties
should be placed to preserve the structural integrity of buildingswith floor diaphragm.
Moreover, the ACI 318–19 [2] and the CSA A23.3–19 [3] specify that the minimum
capacity expected for the connection of precast floors or roofs to their supports,
formed by the integrity ties, should have a minimum nominal tensile capacity of
4.4 and 5.0 kN/m, respectively. Yet, these codes do not offer a methodology to
design the detailing of such integrity ties nor calculate their capacity. Given the lack
of information in the design codes and research regarding the tie bar connection,
this study aims to investigate the behaviour and capacity of such connections while
simulating the current construction practice.
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2 Specimens, Test Setup and Instrumentation

Four full-scale specimens were tested under monotonic in-plane forces until failure.
The HCS were pushed or pulled out to generate compression or tension stresses,
respectively, in the connection rebar. The 203-mm thickness HCSs were cut to
segments of 1,220-mm length. A minimum slab seating length of 75-mm was
provided to satisfy Canadian Code requirements CSA A23.3-19 [3] and the CPCI
design manual [1]. The connection bar illustrated in Fig. 1 was welded to a
W250 × 67 steel beam following the construction practice. The grout used to fill in
the joint was of regular strength (20–25MPa). The properties of mixes typically used
in the industry were taken as reference since no applicable provision was found in the
North American Codes. This grout was mixed, poured, and cured in the laboratory
following manufacturer guidelines.

Test variables in this study are the type of bearing of the slabs (EB for End Bearing
connections and SB for Side Bearing connections) and the direction of loading
(TN or CN for specimens with connection bar tested under tension or compression,
respectively). Table 1 lists the details of the test specimens.

The test setup comprised: a) clamping beams to distribute the forces along the
slabs uniformly; b) pinned-pinned supports, which carry half of the self-weight of the
slab while allowing free displacement towards the end that is being pulled or pushed;
and c) the supporting steel beam where the connection bar is welded. Figure 2 shows
a schematic drawing of the test setup and specimen details. Electrical strain gauges
were attached to the steel bar at the bends to determine the yielding load The applied
load was measured using a load cell. The readings of instrumentation were processed
through a Data Acquisition System. Cracking or spalling of the grout, if any, was
carefully monitored and recorded during the test.

Table 1 Test matrix

Code Type of bearing Force applied Force in connection
rebar

Bend angle of
connection rebar
(degrees)

EB-CN-90 End Bearing Pushing Compression 90

EB-TN-90 End Bearing Pulling Tension 90

SB-CN-90 Side Bearing Pushing Compression 90

SB-TN-90 Side Bearing Pulling Tension 90
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(a) End Bearing Specimens (b) Side Bearing Specimens

(c) Test Setup Scheme

Loading 
direction Strain gauges 

Fig. 2 Details of specimens, test setup and instrumentation

3 Discussion of Test Results

3.1 Failure Modes

Different modes of failure were observed in the specimens based on the direction
of the applied force on the connection bars (in-plane tension or compression). The
failure mode observed in the specimens under tension was governed by yielding at
the unrestrained portion of the rebar followed by grout cracking. As the load applied
to the slabs acted on the connection rebar, the bend straightened, forming a nearly
flat shape, as shown in Fig. 3. Afterwards, a single crack formed in the grout. The
crack grew longitudinally along the shear-key in the end-bearing specimen (EB-TN-
90) while it extended across the core filled with grout for the side-bearing specimen
(SB-TN-90). Unexpectedly, the end bearing connection (EB-TN-90) experienced a
bond failure at the onset of bar yielding. Therefore, the capacity of the connection
was limited to the contribution of steel alone until the yielding point.

On the other hand, specimens subjected to compression forces did not experience
any cracking during the test. Themode of failure observed in these specimenswas bar
bending and buckling. As the pushing force applied to, the free portion of the connec-
tion bar bent in the direction of the force. At the onset of buckling, the connection bar
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a) Specimen EB-TN-90

b) Specimen SB-TN-90

Fig. 3 Failuremodes of specimens tested under tension. Bar flattening (yielding) followed by grout
splitting

a) Specimen EB-CN-90 b) Specimen SB-CN-90

Fig. 4 Mode of failure of specimens tested under compression

reached its maximum capacity. After the peak load, the slabs pulled the unrestrained
portion of the 10 M bar as the load dropped gradually. The connection bar experi-
enced further deformation until it eventually formed a 180-degree shape, as shown
in Fig. 4a and b. Finally, bar rupture occurred as a result of excessive deformation
and buckling.
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3.2 Capacity of Test Specimens

The connection bar tested in this research (size 10 M, Grade 400 W) has a minimum
expected capacity of 40 kN under tension, which corresponds to the capacity at
yielding. Therefore, the connection bar spaced at 1,220 mm according to the width
of the HCS, complies with the minimum limits recommended by the ACI 318-19 [2]
and CSA A23.3-19 [3].

Specimens tested under tension forces exhibited approximately double the
capacity of their counterparts subjected to compression forces, as shown in Fig. 5.
Whereas the specimens EB-TN-90 failed at a load of 30 kN, due to a bonding failure
between the grout and the slabs (still reaching yielding), the side bearing specimen
(SB-TN-90) reached a load of 45 kN. For the end-supported specimen, the connec-
tion bar reached 2,300 micro-strain at the peak load. In contrast, the side-bearing
connection attained 13,000 micro strains when grout crashing occurred. The side-
bearing connection was able to accumulate more deformation at the connection bar,
leading to a larger capacity, compared to the end-bearing connection. Despite the
unexpected bond failure of the end-bearing connection, both types of connections
satisfied the minimum requirements of the CSA A23.3-19 [3] and ACI 318-19 [2]
for the tensile strength of ties in HCS floors.

However, there is no specification in the above-mentioned design codes about
the capacity of integrity ties when experiencing compression forces. Yet, speci-
mens tested under compression forces showed a reduced capacity at the initiation
of bar buckling. The maximum capacity of specimens EB-CN-90 and SB-CN-90
was 12.6 and 11.4 kN, respectively. The connection bar in these two specimens
exhibited smaller values of deformation (900–1100 micro strains approximately)
compared to their counterparts in tension. In these two specimens, the connection
bar demonstrated little resistance to pushing forces after the peak load.
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4 Conclusions and Recommendations

Four full-scale connection rebar specimens under tension/compression forces were
tested until failure. The following conclusions can be outlined:

• The connection reinforcing bar exhibitedmore capacitywhen tested under tension
forces than when subjected to compression. The size 10M bar experienced close-
to-yielding or yielding stresses when subjected to tension forces. The specimens
tested under tension forces failed due to bar yielding followed by grout cracking
or slab splitting.

• The connection rebar in specimens tested under compression did not reach
yielding at the peak load. The mode of failure was governed by bar bending
or bar buckling. After the onset of bar buckling, load degradation occurred at a
regular rate.

• The end supported specimens behaved similarly to the side supported specimens
in terms of the failure mode, slab displacement and strain in the connection bar
when tested under compression or tension forces.

Size 10 M, Z-shaped steel bar employed as reinforcement for HCS bearing connec-
tions to steel beams met the tensile strength specified in the codes for integrity
ties. However, the relatively low capacity and lack of ductility under compression
forces demonstrated that this connection detailing is unsuitable for HCS bearing
connections. A compression failure might not result directly in the loss of bearing of
the slabs. However, it could provoke a progressive collapse after overloading other
bearing connections, floor movements, instability, and floor misalignments. Based
on the results of this experimental study, the steel reinforcement of this bearing
connection could be enhanced in two ways. First, the free portion of the connection
bar could be eliminated or reduced by displacing the connection bar closer to the
beam web. Second, the shorter end of the connection rebar could be welded to the
top face of the flange of the beam to reduce eccentricities and embed the connection
bar completely in the grout.
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Rehabilitation Study of an Old Metallic
Orthotropic Deck Bridge

M. M. Hassan and Abbas M. H. Hussein

1 Introduction

In 1969, the FrenchMinistry of Equipment launched a competition for a standardized
design of dismountable steel viaducts. The aim of the ministry was to avoid at grade
traffic crossings particularly in the city of Paris. In March 1970, the jury declared
the successful company. This company suggested standard design of road bridges of
spans from9 to 30m,which are themost common spans used inside the cities for such
viaducts. The proposed viaducts represented simple or continuous spans and could
accommodate one, twoormore traffic lanes. The systemconsisted of orthotropic deck
plates fabricated entirely and painted in the shops and rapidly assembled on sites by
mean of rivets/bolts. It was clear that the proposed orthotropic design fulfilled two
essential conditions for economy in steel bridge designwhich are: efficient utilization
of steel and maximum reduction of material dead weight.

Egypt in the beginning of last century was in crucial need for such standard
design to avoid firstly the congested intersections and the traffic jams and secondly
to avoid the interference with the construction of the first Cairo underground metro
line. Many of these bridges were imported and assembled, enabling thus the fluid
flow of traffic in the congested city of Cairo, a city of twelve million inhabitants at
that time. It was necessary to adapt these standard designs to suit the alignments of
the roads in Cairo and tailor it to cope with the country’s practice and applicable
procedures. Upon several designs, the structure shown in Fig. 1 was imported from
France and constructed inCairo. It is to be noticed that in Francemost of these bridges
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Fig. 1 General view of
curved part bridge

were considered temporary then removed and replaced by permanent more aesthetic
bridges, while in Egypt most of these bridges are still in use in both governorates
Cairo and Giza.

Many roadway bridges worldwide employ metallic orthotropic steel deck system
due to its main advantage: reduced weights. The roadway network in Egypt includes
many orthotropicmetallic bridges that has been in service for a long time.Assessment
and rehabilitation efforts of these bridges is a pressing issue in order to ensure a
satisfactory level of performance under the increasing traffic loads. Inspection and
repair of metallic orthotropic steel deck system have been investigated by several
researchers. Most available research focus on the repair of fatigue cracks which is
one of the most critical issues in metallic bridges [15–18].

The current paper lists the assessment and repair efforts for one of the major
bridges in Cairo: Sayeda Eisha Bridge. This work is part of the performed efforts
during the last years in order to assess the condition of the different railway and
roadway bridges across the country [1, 2, 10, 12]. Assessment and rehabilitation
procedure followed the recommendations by different researchers in other countries
[3, 8, 9]. The next sections of the paper include description of the studied bridge, the
observed defects, the analytical study in addition to the applied repair procedures.

2 Historical Background and Description of Bridge

Sayeda Eisha Bridge is a roadway bridge constructed in a vital traffic axis in 1970
in old Cairo district. It is located on Salah Salem Street, one of the busiest streets
in Cairo. It connects Giza governorate to the Eastern district of the capital, the resi-
dential quarters of Abbassia, Nasr City, Heliopolis passing through Al-Gamaliya,
Al-Ghoreya and Al Hussein, the historical districts of Cairo. The considered bridge
represents two adjacent bridges with a total length of approximately 300 m divided
on 13 successive bays serving traffic flow in both directions. The span of each bay
ranges between 22.9 to 24.9 m. Each bridge consists of two traffic lanes following a
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straight configuration at the approaches and a curved middle part. Bridge deck is an
orthotropic floor system consisting of main longitudinal beams spaced at 1.75 m and
transverse beams spaced at 3 m. In addition, bridge deck has welded longitudinal ribs
spaced at approximately 400 mm. Steel moment frames supports the different adja-
cent bridge bays. Pipes were used at selective frames to support the forces resulting
from braking forces. Figures 1, 2, 3, 4, 5 and 6 show the general view and different
structural components of the studied bridge.

Fig. 2 Main beams of
bridge

Fig. 3 Orthotropic deck
system

Fig. 4 Supporting steel
moment resisting frame
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Fig. 5 Pipes added at
selective frames

Fig. 6 Fixation of Guardrail

The bridgewas built as a temporary traffic solution duringMetroLine construction
works. However, the bridge has been in service for around 50 years. During this
period,many accidentswere reported leading to damage tomany structuralmembers.
The bridge has a sharp curved part while it lacks the required super elevation or
friction to counterbalance the centrifugal force. This resulted in many accidents
includingvehicles falling from thebridge. Figures 7 and8 showexamples of accidents
resulting in deformations and damage to some parts of the bridge.

Fig. 7 Truck on fire at the
middle part of bridge
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Fig. 8 Permanent
deformations in bridge deck

3 Inspection and Observed Defects

Inspection campaign of the bridge started in December 2016 upon a request of Cairo
Governorate as part of the efforts to elevate the quality of transportation network
in Egypt. It was part of the study for assessing the condition of different bridges
and tunnels at Cairo province. The study started by several visits to the bridge.
During these visits, the different elements of the bridge were extensively investi-
gated to pinpoint defects. Inspection focused on critical positions and fatigue prone
positions. Unfortunately, existing documents of the bridge did not include all the
required structural details. Hence, inspection teams measured missing dimensions
of some elements and prepared sketching details at connections including number
of rivets, bolts, spacing…etc. Accordingly, the structural system of the bridge was
fully understood. Upon inspection, several defects were observed including loss of
expansion joints, cracks at the lower parts of the supporting beams, corrosion and
erosion of steel section, and loss of asphaltic layer for the different traffic lanes.
Figures 9, 10, 11, 12, 13, 14 and 15 show the different observed defects (Figs. 16
and 17).

Fig. 9 Large observed
distance
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Fig. 10 Deformations of
steel elements

Fig. 11 Corrosion at bottom of bridge columns

Fig. 12 Loss of asphaltic
layer
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Fig. 13 Accumulation of
garbage

Fig. 14 Missing bolts at
many connections

Fig. 15 Observed
deformations in steel
moment frame columns

4 FE Modeling

SAP2000 software was employed to build 3-D grillagemodels for the studied bridge.
Figure 18 shows the general layout of themodel. Themodel was built considering the
sectional properties measured during the visual inspection phase. Frame elements
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Fig. 16 Lack of speed limit
signs

Fig. 17 Bad condition of
guardrail

were used to simulate the different bridge components. Rigid joints were used to
simulate the connection of the moment resisting frames while pinned joints were
used to simulate the connection between main beams and supporting frames. The
grillage modelling technique was used to capture bridge deck properties. Figures 19
and 20 shows the different sections included in the modeling of the bridge. The
model was analyzed considering traffic loads imposed by latest edition of design
codes considered in Egypt [7]. It is worth mentioning that these loads are higher than
the ones the bridge was originally designed for.

Based on the built model, the different members and connections were checked
under the resulting straining actions. It was found that the stresses on some members
and connections exceed the allowable stress values set by Egyptian Code for Design
of Steel Structures [6]. For example, the cross section of the main beam was found to
be under increased tensile and shear stresses atmiddle and edge of beam, respectively.
Moreover, beams and columns of the different supporting frames were checked,
and it was found that column section at some locations are subjected to straining
actions exceeding their supporting capacity. Upon checking the connection between
main girder and moment resisting frames shown in Fig. 21, it was found that the
existing bolts and decreased section properties are not sufficient to resist the applied
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Fig. 18 General view of FE model and supporting moment resisting frame

Fig. 19 Stress distribution
for the longitudinal
supporting beam

shear. Induced stresses in most bolts exceeded the allowable values. This resulted in
repetitive loss of these bolts as seen in Fig. 14.

Strengthening alternatives were studied considering anticipated costs and ease
of application. Moreover, it was considered crucial by authorities that any repair
procedures should not hinder the traffic flow as the bridge is located in one of the
busiest areas in Cairo. In addition, restriction over added weight was imposed by the
condition and capacity of bridge foundation as seen in the following section.

5 Bridge Foundation

Imam and Chryssanthopoulos [14] reported that loss of pier or foundations repre-
sent 16% of most frequently causes of failure of metallic bridges. This stresses upon
the importance of checking the condition of foundations of the considered bridge.
Accordingly, excavation works were performed in order to explore type of foun-
dations under Sayeda Eisha Bridge. The maximum depth of foundations was found
equal to 5.5m. Foundations composed of two reinforced concrete footings connected
by a wide reinforced concrete girder and supported on two circular plain concrete
footings as shown in Fig. 22. The middle column of the steel frame is only supported
on the ground beam linking the two edge footings. Check on existing foundations
indicated that stresses on soil approximately reach the allowable bearing capacity
under the currently applied loads. Hence, any increase in bridge weight may result
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Fig. 20 Relation between
cross beams and metallic
deck

in needed strengthening applications for the foundation works. Accordingly, repair
alternatives were compared based on their impact on the total weight of bridge.

6 Repair Works

Based upon the observed defects during the visual inspection phase and the structural
analysis following the finite element modeling, the following defects were mainly
considered, and repair procedures were suggested accordingly:

• Lack of proper super-elevation resulting in accidents involving vehicles dropping
off bridge.

• Increased stresses in main beam, cross beams and supporting moment resisting
frame columns when considering increased traffic loads.

• Insufficient number of bolts at main beam shear connection.
• Corrosion and loss of parts of the steel section for some members.
• Lack of expansion joints.
• Loss of top asphaltic layer and exposure of the steel plates.
• Lack of road signs.

Several alternatives were considered and studied to solve the above defects. For
themain beams, it was decided to add bottom plates, Fig. 23, to decrease the resulting
tensile stresses. The additional plates had a width larger than the width of the existing
bottom flange of beams and were connected using two lines of fillet welding. One
of the studied alternatives included adding concrete slab and introducing composite
action between steel main beams and the slab and accommodate the needed superel-
evation. However, this solution resulted in increasing the dead weight of the bridge
to an extent that will require strengthening of foundation. Increasing section depth at
main beam connection was also adopted instead of adding cover plates to beam web
due to faced construction difficulties and critical clear height below bridge. For steel
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Fig. 21 Connection of main
beam at supporting moment
resisting frame

cross girders, structural calculations showed that its section is unsafe upon consid-
ering wheel load at its edge. Hence, diagonal box braces were added to distribute and
support the applied loading, Fig. 24. Corrosion at all observed spots was removed
by sand blasting and steel plates were added to make up for the lost thickness and
decrease induced stresses in columns, Figs. 25 and 26. At some locations bracing
memberswere added to redistribute the resulting stresses as shown inFig. 27.Missing
bolts were added and strengthening of the main beam connections was applied as
listed in Fig. 28.

Other applied repair procedures included:

• Adding proper traffic signs indicating bridge curvature and limiting velocity on
bridge.

• Replacing of asphaltic wearing surface for the whole bridge.
• Repairing of damaged parts of guardrail.

a) Elevation

b) Plan

Fig. 22 Excavation works and foundation type
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Fig. 23 Strengthening of
main beams by adding
bottom plates

Fig. 24 Adding diagonal
bracing to cross beams

Fig. 25 Strengthening of
columns

For the inadequate superelevation, several alternatives were checked including
using concrete overlays and shear studs [4], adding a new steel plate to the existing
deck to create a sandwich structure, use of open grid deck, or use of fiber reinforced
polymer deck. However, to economic constraints, it was decided to limit speed over
the bridge instead.
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Fig. 26 Strengthening of
base connection

Fig. 27 Strengthening of moment resisting frame

These repair procedures were applied were applied to prolong the service life of
the bridge till an alternative is present considering the Cairo governorate plan for
developing the area.

7 Concluding Remarks

This paper explored the applied repair procedures for an old steel orthotropic bridge
located in Cairo: Sayeda Eisha Bridge. Description of the bridge and its compo-
nents was listed. Observations during the visual inspection phase were exhibited.
Afterwards, the built finite element model was investigated. Several alternatives were
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Fig. 28 Strengthening
proposal of main beam end
connection

studied, and detailed structural analysis calculationswere performed for each alterna-
tive in addition to a cost analysis study focusing on anticipated direct costs in addition
to costs related to traffic interruptions and ease of repair applications. Accordingly,
repair methodologies were proposed, and examples of applied repairs were shared.

This paper represents part of the performed efforts to investigate and increase the
service life of existing old bridges in Egypt. The following main conclusions can be
categorized:

• The study showed that the inspected bridge hadmany defects including corrosion,
increased stresses in members and connections, inadequate super-elevation, loss
of expansion joints and loss of asphalt layer.

• No records were found regarding the design drawings of the studied bridge.
Hence, measuring of different members dimensions had to be performed. In addi-
tion, excavation works had to be performed to explore type and dimensions of
foundations.

• Corrective actions and repair methodologies were studied. The chosen procedures
depended on several economic factors in addition to the sensitivity of bridge
location.

The applied repair procedures do not preclude the importance of periodic main-
tenance in order to maintain a satisfactory level of behavior and extend the service
life of bridge.
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