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Improving the Gypseous Soil Bearing
Capacity Using Geotextile Reinforcement
Under Dry Condition

Makki K. Mohsen, Qasim A. Al-Obaidi, and Ayad O. Asker

Abstract Gypseous soil is one of the problematic soils and greatly affects the
stability of the engineering structures, especially in Iraq. The main geotechnical
problem of this soil is the significant reduction of its bearing capacity upon loading
and/or wetting processes due to the dissolution of gypseous cementing bonds. This
study aims to improve the soil’s bearing capacity by using geosynthetics material
in single, double, and triple distribution patterns. The gypseous soil samples were
brought from a site near Sawa Lake by coordinates (31°18′42.83′′ N, 45°00′49.36′′ E)
inAl-MuthannaGovernoratewith gypsum content of 37.35% forms about 3.0m high
under the ground surface. The Soil-Model apparatus of dimensions (60 × 60 × 50)
cm is used, while the proposed square footing dimensions are (10× 10) cm. Themain
test program investigates the bearing capacity before and after the soil reinforcement
with the geotextile layers. The results showed a considerable increase in bearing
capacity and the increase of volume change when using the triple phase pattern with
the allowable bearing capacity increase for reinforced gypseous soil, especially with
the increasing reinforcement layers at the triple reinforcement pattern. The depth of
the geotextile layer with the soil mass has a significant effect on the magnitude of
the bearing capacity and decreases the settlement. The improvement proportion of
soil bearing capacity using Geotextile Reinforcement at dry state is ranged 20–90%
for relative densities 30 and 60% and different reinforcement patterns.
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1 Introduction

Collapsible soil is known as any unsaturated soil that passes into a radical changing of
particles positions related to loss of volume upon wetting with or without extra load
[1, 2]. Gypseous soils cover numerous districts in the world, particularly in parched
and semi-arid locales, where the yearly amount of water is inadequate for filtering
the gypsum from these soils [3]. Gypseous soil presents a wide collapse potential as
a result of its metastable structure. It has weakly dry and damp content in its normal
state due to the existence of cementation bonds and an open gypsum structure, espe-
cially at unsaturated states or in bone-dry or semi-arid districts. Additionally, change
in volume, quick settlement, and a high lowering within the void proportion of a
metastable soil structure can happen. Huge volume changes and sudden collapses
occur when the soil is immersed in the water beneath steady vertical pressure. Soil
distortion happens as a result of the disintegration of the cemented gypsum bonds
causes an articulated increment within the compressibility of the soil [4]. The chem-
ical composition of the gypseous soil is (CaSO4.2H2O). According to Barzanji [5],
the soil is considered as slightly gypseous soil if the gypsum amount (3–10%) and
highly gypseous soil if the gypsum amount is (25–50%). The collapse potential
(CP) of gypseous soil can be estimated in the lab from single or double Oedometer
tests where the soil considers as trouble or severe trouble when the collapse poten-
tial (CP) exceeds the value of 5% [4, 6, 7]. Geotextiles are considered to have the
bearing capacity or have high tensile strength, while soils, in general, are considered
low-stress materials and have high compressive strength. Therefore, geotextiles are
the ideal material for improving and increasing the efficiency of the soil and thus
increasing structural stability. To protect the soil from collapse [8, 9].

2 Material, Equipment, and Test Setup

Soil. Theundisturbed soil sample is brought froma site near SawaLake,Al-Muthanna
Governorate, from a depth of (3.0) m. This region is considered an arid area, and the
soil can be defined as the medium to dense light brown silty SANDwith white traces
of gypsum particles. The soil classification is (SP-SM) according to the Unified Soil
Classification System (USCS). The physical and chemical properties of the soil are
shown in Table 1.

Geotextile Material. Geotextile soil fabrics or knitting warp is considered one of
the successful practical solutions to some problems arising from the nature of the soil.
Geotextile is used in road, and railway soil steady on waterways and beach corro-
sion control, asphalt pavement overlap crack relief, subsurface drainage systems,
waterproofing membrane defend on, landfill, landscaping, etc. Its multiple-use func-
tions include Separation, Filtration, Reinforcement and stabilization function, and
drainage [8, 9]. The geotextile reinforcement used in this study is displayed in Fig. 1
and Table 2.
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Table 1 Physical and
Chemical properties of the
soil sample

Property Value Standard

Physical properties

Initial water content (%) 6.1 ASTM D 2216

Liquid, plastic and plasticity index
(%)

38, 33, 5 ASTM D 4318

Passing sieve No.200 (%) 9.2 ASTM D 422

D10 (mm) 0.08 ASTM D 422
ASTM D 422
ASTM D 422
ASTM D 422
ASTM D 422

D30 (mm) 0.115

D60 (mm) 0.31

Cu 3.87

Cc 0.53

Specific gravity (Gs) 2.37 ASTM D 854

Max. dry density (g/cm3) 1.62 ASTM D 4253

Opt. moisture content (%) 13.5 ASTM D 4254

Cohesion (kPa)

For RD = 30% 4 ASTM D3080

For RD = 60% 5.3

Angle of friction (°)

For RD = 30% 28.5 For RD = 60%

For RD = 60% 30

Chemical properties

Gypsum content (%) 37.3

Total sulphate content (SO3) (%) 17.8

Total soluble salts (TSS) (%) 12.4

Fig. 1 Geotextile reinforcement was used in this study
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Table 2 Geotextile properties

Property Value Standard Property Value Standard

Type of
geotextile

Nonwoven Grab tensile
strength

750 N ASTM D4632

Type of
fiber

Polypropylene Wide width
tensile strength

13 kN/m ASTM D4595

Trade
name

Prime geo 200 Puncture
strength (CBR)

2200 N ASTM D6241

Weight 200 gm/m2 ASTM D 5261 Trapezoidal tear
strength

280 N ASTM D4533

Pore size 80 microns ASTM D 4751 Permittivity 1.6 S−1 ASTM D4491

Soil-Model Apparatus. The Soil-Model Apparatus is made from rigid steel with
inner dimensions of the model box are (60 × 60 × 50) cm length, width, and height,
the plate thickness of 0.5 cm with square footing (10 × 10 × 1 cm) of rigid steel.
The Soil-Model Apparatus consists of several mechanical and electronic parts: Steel
load frame, Axial loading system, hydraulic jack, Load cell, a data logger (Adriano),
dial gauges, computer software plate, as explained in Figs. 2 and 3.

Sample Preparation. The soil samples are prepared in a test box with a relative
density of (30% and 60%). In order to achieve the required dry density, the box
is distributed into layers with 50 mm height for every layer and an area of (60 ×
60) cm till the full height of 50 cm is reached. The whole number of layers is 10

Fig. 2 Soil-model apparatus
during test
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Fig. 3 Diagram of loading system

layers, and the weight of the sandy soil for every layer was (23.11 and 25.36) kg for
relative densities 30 and 60%, respectively. Every layer is a store with a level plane
and leveled from at that point utilizing the manual compactor instrument until the
required density is gotten for all layers as appeared in Fig. 2.

Test Procedure. The compression (i.e., bearing capacity) test is showed by
following method nonrepetitive static plate load technique according to the test
processmentioned inASTMD1194-94. The bearing capacity ismeasured for several
layers of geotextile reinforcement with dry conditions of the gypseous soil model. In
every case of test, the gypseous soil was put in layers with 5 cm depth. The raining
technique measured the position of density. The gypseous soil was placed guardedly
on two opposite sides to guarantee a matching density. After setting the final layer,
leveled the surface carefully within the straight edge. At that point, the foundation
was settled within the center of the test box in x and y trends in unpredictable loading,
and after that, the two attractive holders utilizing dial gages within the edge of the box
were associated. By the hydraulic jack starts applied the load constantly. The applied
load was got from the load cell while the dial gauges determined the settlement. The
application of load continuously until to reach the failure. The failure was exposed
by the rise of settlement at a constant value of load amount. The diagram of the test
setup is shown in Fig. 3.



8 M. K. Mohsen et al.

3 Results and Discussion

To analyze and discuss the effect of using geotextile reinforcement in the gypseous
soil under the footing, 20 model tests were carried out consisting of different patterns
at the dry state of the soil. For the model tests, the soil bed was prepared with a dry
unit weight of 12.84 and 14.1 kN/m3 identical to a relative density of 30 and 60%,
respectively. The bearing capacity tests are divided into two main groups: untreated
and treated soil tests. The treated and treated soil tests involve three different cate-
gories of soil sample conditions as follows: (10) model tests using a single geotextile
layer, (6) model tests using double geotextile layers, and (4) model tests using triple
geotextile layers.

Load-Settlement Results. These results display that the performance of load–
settlement relations sound to be like the general shear failure relation and refer to
the soil failure. The reinforcement geotextile layers were placed at a different depth
such as (0.5 B, 1B, 1.5B, and 2B) when B represented the width of footing for all
model tests. The results are shown in Figs. 4 and 5 with a relative density of 30 and
60%.

Ultimate Bearing Capacity of Dry Gypseous Soil at Relative Density (30%).
Figures 6 explains the experimental work to determine the value of ultimate bearing
capacity [untreated] at relative density (30%) by two tangent intersection methods
under the square footing.

Ultimate Bearing Capacity of Dry Gypseous Soil at Relative Density (60%).
Figures 7 explains the experimental results for determining the values of ultimate
bearing capacity [untreated] at relative density (30%) by two Tangent Intersection
Method under the square footing.

Fig. 4 The relation between the stress and the settlement for gypseous soil in a dry state (reinforced)
experimental model (single layer) at RD = 30%
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Fig. 5 The relation between the stress and the settlement for gypseous soil in a dry state (reinforced)
experimental model (single layer) at RD = 60%

Fig. 6 The relation between the stress and the settlement for gypseous soil in dry State experimental
model Result at RD = 30% (untreated)

Comparison ofAllowableBearingCapacity andRelativeDensity 30 and60%
for Dry Gypseous Soil. Figure 8 explains the relation between allowable bearing
capacity and relative density for dry gypseous soil using single-layer geotextile rein-
forcement. Figure 9 explains the relationship between allowable bearing capacity
and relative density for dry gypseous soil when using double-layer geotextile rein-
forcement. Figure 10 explains the relation between allowable bearing capacity and
relative density for dry gypseous soil using triple-layer geotextile reinforcement.

Tables 3 shows the results of experimental work and explains the improvement
of using geotextile reinforcement on the bearing capacity of gypseous soil. The
geotextile has proved it’s effective in improving the bearing capacity and lowering
the settlement values, see Figs. 4 and 5. Figures 8, 9 and 10 show a comparison of
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Fig. 7 The relation between the stress and the settlement for gypseous soil in dry State experimental
model Result at RD 60% [untreated]

Fig. 8 Allowable bearing capacity and relative density at 30 and 60% relationship (when the dry
gypseous soil model samples is treated by single layer of geotextile reinforcement)

allowable bearing capacity and relative density 30 and 60% for dry gypseous soil, the
triple-layer phase pattern of geotextile reinforcement at depth (0.5B + 1B + 1.5B)
gives a higher value of allowable bearing capacity equal to 155 kPa at RD (30) while
equal to 245 kPa at RD (60).
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Fig. 9 Allowable bearing capacity and relative density at 30 and 60% relationship (when a double
layer treats the dry gypseous soil model samples of geotextile reinforcement)

Fig. 10 Allowable bearing capacity and relative density at 30 and 60% relationship (when a triple
layer treats the dry gypseous soil model samples of geotextile reinforcement)

4 Conclusions

The following points can be concluded from the results of this study:

• The allowable bearing capacity of gypseous soil increase with the increase of
relative density and reinforcement layers, where the allowable bearing capacity
was 80 and 125 kPa at relative density 30 and 60%, respectively.
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• The reinforcement pattern, depth (i.e., position), and a number of the reinforce-
ment geotextile layer have a large effect on the allowable bearing capacity of
gypseous soil.

• For a single geotextile layer model, the maximum value of allowable bearing
capacity when the reinforcement is at depth (0.5B) with qall was 165 kPa at
relative density 60%, while the minimum value of allowable bearing capacity
when the reinforcement is at depth (1 B) with qall was 95 kPa at relative density
30%.

• For the double geotextile layer model, the maximum value of allowable bearing
capacity when the reinforcement is at depth (0.5 B + 1 B) with qall was 195 kPa
at relative density 60%, while the minimum value of allowable bearing capacity
when the reinforcement is at depth (1B + 2B) with qall was 115 kPa at relative
density 30%.

• For the triple geotextile layer model, the maximum value of allowable bearing
capacity when the reinforcement is at depth (0.5 B + 1 B + 1.5 B) with qall was
245 kPa at relative density 60% while the minimum value of allowable bearing
capacity when the reinforcement is at depth (1 B + 2 B) with qall was 150 kPa at
relative density 30%.
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Numerical Modeling of Circular Tunnel
Alignment Under Seismic Loading

Hayder A. Al-Mirza and Mahdi O. Karkush

Abstract Thecontinuous increase in populationhas led to the development of under-
ground structures like tunnels to be of great importance due to several reasons. One
of these reasons is that tunnels do not affect the living activities on the surface, nor
they interfere with the existing traffic network. More importantly, they have a less
environmental impact than conventional highways and railways. This paper focuses
on using numerical analysis of circular tunnels in terms of their behavior during
construction and the deformations that may occur due to overburden and seismic
loads imposed on them. In this study, the input data are taken from an existing Cairo
metro case study; results were found for the lateral and vertical displacements, the
Peak Ground Acceleration (PGA), Arias Intensity (IA), and the Fourier amplitude
spectrum. It was found that the vertical displacement was 26.2 mm under overburden
pressure and reached 28mmunder seismic loading. These results were discussed and
compared to other information and given a logical explanation based on the findings.

Keywords Tunnels · Alignment · Seismic loading · Numerical modeling ·
PLAXIS 3D

1 Introduction

In the middle and southern parts of Iraq, natural soil characteristics from an engi-
neering perspective are inadequate and require additional precautions when building
a superstructure or an underground structure. Recently, Baghdad has witnessed
some earthquakes, so with this problem comes the necessity to do thorough studies
regarding soil behavior in such conditions. The reason for that is because, in the
future, one should be prepared for worst-case scenarios when designing an under-
ground structure in such relatively weak soils. On the other hand, transportation
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infrastructures like highways, railways, and tunnels used for sanitation purposes
have become a challenging topic over the years due to advancements in this field.
In recent decades, there have been numerous studies on tunnels under seismic load-
ings, and it became more accessible with the development of software that evaluates
the load-deformation of tunnels along with other parameters. Tunnels’ resistance to
static and seismic damage is generally dependent on a variety of factors: the over-
burden and seismic response of surrounding ground. In order to ensure the safety
and serviceability of the underground structure, detailed design and construction
procedures have to be carried out, taking into account all possible outcomes.

Although tunnels are considered a crucial part of the transportation infrastructure
today, there are many problems related to the tunneling process, whether about the
construction itself and its effect on the surrounding buildings or the post-construction
long-term impact on tunnel parts. Most studies have showed interest in this topic
whether regarding the tunnel face stability [1] or the behavior of a tunnel under
deformation [2]. On the other hand, a case study of the Cairo Metro used PLAXIS
3D numerical analysis, which assumed a hardening soil model and evaluated the
lateral and vertical displacements under static loading [3]. Also, a database has been
created for earthquakes worldwide, documenting the effect on different tunnels and
the different levels of damage from which they have suffered. Evidently, the seismic
loading can really have a detrimental influence on the tunnel lining, and many factors
can contribute to this, such as frequency, amplitude, andmagnitude, and this influence
is governed by the tunnel length, thickness, and other structural parts. Based on the
previous literature, one should simulate amodel and study the aforementioned factors
numerically so as to evaluate this model under conditions similar to actual cases. The
proposed research paper will focus on the response of tunnels under overburden and
seismic loading conditions by creating finite element models of a circular tunnel,
Cairo tunnel. The variables that will be assessed, as mentioned earlier, include the
tunnel face stability during construction and the magnitude of the earthquake, its
amplitude and frequency, and their effect on circular tunnels. This paper will consist
of the impact of vertical propagation of seismic waves and the overburden loadings
on the tunnel. The resulting displacement from these loadings will also be discussed
in detail in the following sections.

2 Alignment of Tunneling

According to King and Kuesel [4], the governing factors that determine the tunnel’s
feasibility and route include the soil’s geological conditions, cost, and construc-
tion time. The types of tunnels can be classified based on purpose, alignment, and
shape. The geometry is different from one tunnel to another based on its purpose
as prescribed by the American Association of State Highway and Transportation
Officials (AASHTO). A two-lane highway tunnel should be 3.5 m wide each, while
the right shoulder should provide a sufficient area for disabled vehicles and the left
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one should provide a space for motorists. Additionally, trunk highway tunnel’s clear-
ance should be at least 4.5 m with additional vertical clearance for traffic lights and
signs, ventilation systems, and lighting. Table 1 shows the relationship between the
construction method and the tunnel shape [5].

Tunnel Face Stability. One of the most crucial factors that should be looked into
when constructing a tunnel in weak soils is the tunnel face’s stability. According to
Broere [6], despite the support type used in the process, the boring machine chamber
pressure should be kept at a certain level to ensure stable working conditions. This
means that the pressure should not be so high that deformation happens in the soil, nor
should it be so low that uncontrolled collapse occurs. During the process of validating
the failure assumptions, Broere [6] has carried out laboratory tests to distinguish the
failure mechanisms in clay and sand, and the finding was so distinct because, in the
sand, the failure takes the shape of a chimney while in clay it is much larger and
broader.

Time and Cost-Related Problems. One of the main problems related to tunnel
construction projects is that they substantially cost more than open highways or
railways because these kinds of projects require extensive investigations and design
criteria. Paraskevopoulou and Benardos [7] have investigated 258 projects in 20
countries, and they have found that one major problem in these projects is the cost
underestimation and that 90% of these projects have exceeded their initial estimation
regarding the cost. When it comes to time consumption, these projects during their
various stages will consume time because each stage requires additional work due
to many uncertainties to achieve the required goal instead of conventional projects.

Tunnel Convergence. Advancing in tunnel excavation will create pressure on the
surrounding soil, and this soil will undergo deformation due to this advancement.
This phenomenon is called "convergence" and it requires field and numerical analyses
to be fully understood.

Squeezing Ground. According to Schubert and Radoncic [8], the term "squeezing
ground" refers to the deformation occurring in zones with high overburden pressure,
which is generally encountered either during the construction of the tunnel or after-
ward. Whether the tunnel is constructed in rock or weaker soils, the lining should be
allowed for specific strains. Due to the difficulty of predicting the ground conditions,

Table 1 Tunnel type versus construction method

Construction Method Rectangular Circular Horseshoe Oval

Shield-driven * *

Cut-and-cover *

Immersed Tube *

Drilling and Blasting * *

Sequential Excavation * *
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it is imperative to adjust the excavation process and support method by using moni-
toring techniques for the displacement to understand better the mechanical processes
happening around the tunnel.

3 Seismic Loading

This field of study is a crucial part of geotechnical engineering and plays an essen-
tial role in civil infrastructure nowadays because it involves studying the design for
overburden loads and seismic conditions as an additional load. With the increasing
population rate, tunnels have become an essential aspect where they are used for
transportation means. Until recently, the soil-structure interaction was not consid-
ered a significant problem andwas not given the needed attention because, in general,
the embedded structures have performed well under seismic conditions compared to
superstructures. But post-earthquake investigations have shown that tunnels tend to
be susceptible during earthquakes or even collapse if seismic design requirements
are not met. To better comprehend tunnels stability, one should assess the factors that
include peak acceleration and velocity, magnitude and duration of the earthquake,
the shape of the tunnel, overburden pressure, and soil type. Underground structures
behavior is quite different from that of above-ground structures because the former
suffers from kinematic loads of ground rather than the underground structure’s iner-
tial loads. As previous earthquakes have proven, tunnels seismic response is highly
dependent on the soil-structure interaction (SSI). This leads to the conclusion that
the depth, shape, and dimensions of the tunnel, relative stiffness of soil to the tunnel,
properties of the ground itself and its seismic response, and the interface, play a
significant role in the seismic design of tunnels. Concerning the intensity of earth-
quakes near Baghdad, Al-Taie and Albusoda [9] investigated the Halabja earthquake
case study. They found that some earthquakes have been observed in the last few
decades in Baghdad that have caused some damages to structures in the vicinity, as
shown in Table 2.

Table 2 Earthquake intensity in Baghdad and the vicinity

Year Earthquake Richter scale Observations

1960 Max. 6.7 Caused damages in Halabja and felt in Baghdad

1967 6.1 Observed 100 km south of Halabja

2013 5.1 and 5.8 The two earthquakes were 60 km south of Halabja

2017 7.3 30 km south of Halabja with a maximum earthquake
magnitude of 7.3

2018 Max. 4.5 Maximum magnitude was 4.5 in the Northeastern part
of Baghdad

2021 4.9 Recorded in Baghdad. (Source: earthquaketrack.com)
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4 Numerical Modeling

Because soil-structure interaction representation in an underground structure is some-
what complex and requires a substantial amount of money and time, numerical
modeling was always used for this purpose. There are plenty of methods to analyze
a tunnel to get the needed relationships, whether regarding the tunnel’s deformed
shape or the stresses and displacements. These methods include the finite element
(FEM), discrete element (DEM), boundary element (BEM), and finite difference
method (FDM). FEM is used extensively in engineering applications and can be
represented either by using 2-dimensional or 3-dimensional software, and this repre-
sentation takes the body as elements and analyzes them accordingly. According to
Pradhan and Chakraverty [10], it is used for various applications, whether for struc-
tural analyses or soil modeling. Hutton [11] defines it as a computational method
whose purpose is to find an approximate solution in boundary value problems. To
simplify it even further, it allows the continuum to be modeled and separated into
a finite number of elements, studies their characteristics, and then assembles these
elements to estimate the continuous domain’s properties. The implementation of
FEM has been developed over the years and is being used rigorously in engineering
and applied sciences applications [12]. In this paper, an FE model for the soil and the
circular tunnel was created using PLAXIS 3D software, and overburden and seismic
loading states were simulated. First, the soil body was defined with 60 mwidth, 10 m
length, and 35 m depth, and a borehole was created in four different layers, each with
distinct soil characteristics and depth [3].

It is worth mentioning that the tunnel lining was given properties equivalent to
the adjacent soil, and the cohesion for the 4th soil layer was given a value so that
the tunnel would not collapse during the tunneling process (see Table 3). The second
step was creating the tunnel at a depth of 10 m using the tunnel designer tool in
the software with a diameter of 9.4 m, and properties were given for TBM shield
as shown in Table 4. The interface between the soil and structure was also created
and given a virtual thickness factor of 0.1 for the tunnel lining to assume a case of
full-slip boundary conditions in order to consider an infinite domain. After that, the
trajectory was defined at 10 m segment length with slices of 1 m each and using
the TBM excavation method; four steps were created for tunnel crown and invert
excavation process and lining application. Also, the seismic load was applied in the
x and z directions with a load multiplier of frequency of 5 Hz as stated in El-Naggar
and Bentley [13]. Moreover, a finely distributed element mesh was generated, and
the water table was set at 2 m below the surface as assumed by El-Nahhas et al. [3]
(see Fig. 1).

Using Python script as the tunnel advancement tool, the tunnel took 12 phases
for the excavation and TBM shield installment using TBM sequence, and during
this advancement the failure criterion was the soil collapse potential. Moreover, one
additional phase was added for applying the seismic load in the x-direction and one
phase for the same load in the z-direction. The seismic load was simulated in phases
13 and 14 with 0.5 s dynamic time interval, and the displacement was dependent on



20 H. A. Al-Mirza and M. O. Karkush

Table 3 Soil properties in HS material model

Parameter 1st layer 2nd layer 3rd layer 4th layer Unit

Material model HS HS HS HS –

Material behavior Drained Drained Drained Drained –

Depth 3 1.5 5 25.5 m

Unsaturated unit weight 17 18 19 20 kN/m3

Saturated unit weight 17 18 19 20 kN/m3

Cohesion 0 80 0 25 kPa

Internal friction 15 0 30 37 o

Secant triaxial test stiffness 7230 9100 20,310 35,430 kPa

Tangent stiffness 7230 9100 20,310 35,430 kPa

Unreload/reload stiffness 21,680 27,300 60,930 106,290 kPa

Shear modulus at small strain 37,500 59,340 116,210 170,590 kPa

Shear strain at Gs = 0.722Go 1.61E−04 5019E−04 2.79E−04 4.52E−04 –

Power for stress law 0.5 1 0.5 0.5 –

Reference stress 100 100 100 100 kPa

Poisson’s ratio 0.2 0.2 0.2 0.2 –

Coefficient of lateral stress 0.74 1 0.5 0.4 –

Failure ratio 0.7 0.75 0.8 0.8 –

Interface strength Rigid Rigid Rigid Rigid –

Table 4 TBM shield
material properties

Parameter TBM Unit

Thickness 0.14 m

Unit weight 70 kN/m3

Elasticity modulus 26 × 107 kPa

Poisson’s ratio 0.3 –

Shear modulus 108 kPa

the tunneling process’s previous phases. The model used for analysis was Paradiso
multicore direct with maximum cores of 256, 1000 maximum number of steps, and
60 maximum number of iterations allowed with 0.01 tolerated error. The results
of settlement under the overburden, excavation, and the seismic pressures will be
discussed in the next section.
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(a) soil body (b) model structure

(c) model mesh (d) global water level

Fig. 1 PLAXIS 3D FE model of the case study

5 Results and Discussion

Starting with Phase 1 to excavate the upper half of the tunnel portal in the first slice,
the total displacement was approximately 8.5 mm at the tunnel portal crown. When
the lower half of the first slice was excavated the settlement almost doubled and
reached 15.5 mm. The tunneling process started to increase until Phase 12, where
the settlement reached a maximum of 26.2 mm at the same location. This phase was
verified with the Cairo metro [3], a maximum vertical displacement of about 20 mm.
Also, this phase was the end of the tunneling process and the applied overburden
pressure on the tunnel and can be represented in Fig. 2.

The next phase which is additional to the research this paper was verified with
included the seismic load in the x-direction resulted in a maximum of 1.35 mm and
minimum -0.55 mm lateral displacements at the tunnel portal crown. On the other
hand, the last phase was applying the load in the z-direction, and the maximum
vertical displacement was 28 mm. Figures 3 and 4 show the lateral and vertical
displacements versus the portal’s dynamic time, 2.5 m and 5 m away from the portal
on the upper part of the tunnel shield during Phases 13 and 14, respectively. The
negative andpositive values represent the direction of the lateral displacements during
seismic loading.
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Fig. 2 Vertical displacement in phase 12
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It can be observed that the displacements in the x-direction along the tunnel
were approximately the same, while the displacements in the z-direction are at their
peak at the tunnel portal and keep decreasing until reaching the end of the tunnel.
Furthermore, Figs. 5 and 6 depict the displacements on the tunnel shield’s side with
the same distances as before.

By comparison with Figs. 3 and 4, one can see that the lateral displacements
increase on the tunnel side to reach approximately 8.46 mm while the vertical
displacements decreased to reach 18 mm on the side compared to 28 mm on the
top. Concerning the PGA, the highest observed value in Phase 13 was 0.45 g, while
in Phase 14, it was 0.553 g at node 13,059 on the surface of the first soil layer, but
it decreases with increasing the depth of the soil layers (see Fig. 7). Furthermore,
Figs. 8 and 9 were obtained at the top of the acceleration tunnel in terms of gravita-
tional acceleration versus the dynamic time ranging (0–0.5 s). It can be observed that
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Fig. 7 PGA at Node 13,059 on the soil surface
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the acceleration reaches its peak value at the portal crown and begins to decrease in
other sections along the tunnel.

To check the intensity of the ground motion in the FE model using seismic
parameters, the Arias intensity (IA) was obtained as shown in Fig. 10.

According to (Earthquaketrack.com), there was only one recorded earthquake
activity in the Mayoralty of Baghdad for the first three months in 2021 on a moment
magnitude scale (Mw) of 4.9.When comparing the obtained Arias Intensity data with
theLevkaz Island earthquake in 1992,which has recorded (Mw = 4.6), the same result
for (IA = 0.0105 m/s) has been obtained. On the other hand, the Fourier amplitude
spectrum for the seismic phases was also obtained, and the following amplitude
versus frequency curveswas generated. These curves show that the highest amplitude
observed in terms of acceleration was (0.652) at zero frequency for the nodes along
the tunnel top. However, the amplitude was (0.422) for the node above the tunnel face
for the same frequency, and all curves start to decrease as the frequency increases,
as shown in Fig. 11.
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6 Conclusions

Numerical analysis using the finite element model was carried out in order to under-
stand the behavior of a circular tunnel under the overburden and seismic loads. The
results were obtained from this analysis, including the lateral and vertical displace-
ments, PGA of the seismic case, Arias Intensity, and the Fourier amplitude spectrum.
The findings were as follows:

• As the tunneling process commences, the vertical displacement was 8.5 mm and
kept increasing until it reaches 26.2 mm at the end of this process.

• The tunnel face stability was maintained during the tunneling process since there
was no soil collapse nor there was load advancement failure.

• The lateral displacement in Phase 13 had a maximum value of 1.35 mm and
a minimum value of -0.55 mm while the vertical displacement was 28 mm
maximum.

• The highest PGAwas 0.45 g in Phase 13 and 0.55 g in Phase 14 on the first layer’s
surface, and it was at its highest at the first slice concerning the tunnel.

• The obtained Arias intensity was 0.0105, which is typical compared to the seismic
activity in Baghdad.

• The Fourier amplitude spectrum showed a maximum value at the tunnel top 0.652
and 0.422 at a node above the tunnel face.
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Triaxial Compression Behavior of Sandy
Soil Polluted with Crude Oil

Farman K. Ghaffoori, Mohamed M. Arbili, Hanifi Çanakcı,
and Talib K. Ibrahim

Abstract This study aims to use a series of laboratory tests to analyze the geotech-
nical behavior of oil-contaminated sandy soil, including compaction and triaxial
compression tests. In assessing an engineering problem, shear strength can be seen
as a geotechnical property of soil. Therefore, the purpose of using the triaxial test on
the polluted soil is to investigate the shear strength of the soil due to the appearance
of the crude oil contaminated. Polluted samples were prepared with the addition of
0, 4, 8, 12, and 16 percent of crude oil and tested after 14 days. The series contains
clean and contaminated soils that have been compacted at optimummoisture content.
Results show that shear strength decreased with an increased percentage of crude
oil. The maximum value of cohesion obtained at 8% was 62 kPa.

Keywords Contamination · Triaxial test · Compaction · Crude oil · Sandy soil

1 Introduction

Soil pollutes by leaking crude petroleum affects the mechanical and physical prop-
erties of soil. [1, 2] observed the influence of crude oil pollution on the geotechnical
characteristic of soils and showed that the soil’s plasticity index and compression
parameters decreased when its strength increased.[3] have shown that the fraction of
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clay tends to be higher in heavily polluted specimens when their liquid limits have
increasedwith increased oil contamination. Depending on the triaxial test, the param-
eters of shear strength (cohesion c and internal friction angle φ) can be obtained and
is the most common test technique used to evaluate oil-polluted sands’ mechanical
properties. Khamehchiyan et al. [4] studied two cases of initial relative density for
the sandy soil sample (dense and loose) as well as two liquids for saturation (oil
and water). All samples were consolidated and sheared under triaxial compression
conditions up to approximately 20% of the axial strain. Rahman et al. [5] observed
triaxial compression tests using a constant relative density of 60 percent in all tests,
and oil saturation in the specimenswas equivalent to soil contaminatedwith 6 percent
of heavy crude oil.

Ghadyani et al. [6] used an undrained triaxial test on contaminated quartzite
containing 60 g/kg of heavy petroleum at different temperatures and on non-polluted
quartzite at room temperature, utilizing a triaxial cell to enhance the testing procedure
at controlled temperatures. The soil samples were prepared in the triaxial cell on a
rubber diaphragm stretched thinly on a mold and compacted to the optimum dry
density using vibrations under a surcharge. Many researchers dealt with utilized
mixtures of mica and sand and showed the enormous effect of particle shape on the
mechanical properties. Ratnaweera andMeegoda [7] conducted various fines content
with its effects on triaxial behavior of a coarse Leighton Buzzard sand. It could be
useful in many geotechnical and geoenvironmental engineering problems.

2 Materials and Preparation of Samples

The soil used in this investigation was sandy soil and obtained from Erbil Province.
The most common type of sand occurring in non-tropical and tropical environments
is silica in quartz [8]. Calcium carbonate (aragonite), the second most common
variety, was formed around half a billion years ago by organisms including shellfish
and coral. A hydrometer and sieve analysis was used to analyze sand’s particle
size distribution (ASTM D421-58 and ASTM D422-63). Figure 1 shows the sand’s
grain size distribution curve. The sand sample had a specific gravity of 2.619 (Gs).
According to the USCS classification system, the soil was categorized as SM.

Crude oil was polluted in this study. It is a liquid form of petroleum that occurs
naturally and is derived from the earth in its liquid state. It is mainly made up of
hydrocarbon compounds. Based on the most available category of hydrocarbons
present, crude petroleum may be classified as naphthenes base, paraffin base, or
mixed base. The crude oil used in this analysis came from the refinery of the Kar in
the oilfield of Khurmala in Erbil province. Table 1 shows the characteristics of crude
oil.

Preparation of Specimen. The samples were of sandy soil. It was gotten from a
50 cm depth from the upper layers to eliminate the mixing of specimens. Firstly, soil
samples were collected and passed through a sieve of 4.75 mm diameter (#4). After
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Fig. 1 The grain size distribution curve

Table 1 Crude oil properties

# API° Flash point °C Viscosity (Cp) Density @ 25 °C (g/cm3)

Refinery (kar) 23.26 52.9 18.21 0.8489

that, the soil samples dried in the oven, and then the specimens were mixed with
crude oil by the following percentages of their dry weight 4, 8, 12, and 16% put in
the closed container for 14 days. All the contaminated and clean soil samples were
demonstrated in Fig. 2a, b. This whole exercise was done in the laboratory.

3 Experimental Work

Compaction. A compaction test was applied on the soil samples to obtain the
maximummoisture content andmaximumdry density. A Proctor test was used to find
the properties of the compacted material. This test was created by Proctor in 1993
and was linked to the construction of earth-fill dams in California [9]. The agreed
sizes of the equipment used in this investigation were determined using Method-A
of ASTM D-1557. The soil was blended with normal water content, and the mixture
was then put in a compaction specimen with a capacity of 9.438 × 10–4 m3. The
mold was filled in five layers and then compacted each layer with a sheet receiving
25 blows from a height of 457 mm with a 44.5 N hammer.

Triaxial Tests. To find the shear strength of the soil specimen for this study by
utilizing the UU unconsolidated undrained triaxial test. UU triaxial compression
tests were carried out on contaminated and uncontaminated sand specimens prepared
according to the procedures outlined in the preceding section to determine the shear
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(a) soil sample with ( 0%, 4, and 8%) crude oil.

(b) soil sample with ( 12 and 16%) crude oil.

Fig. 2 Sandy soil with different percentages of oil

behavior of the sand. The drainage valve to the specimen was closed for undrained
tests. The loading ram has been brought into just above the specimen, then zero of the
external LDS and proving ring were set. The compressive load was applied using a
strain-controlled load frame. The rate of loading of 0.15 mm/min for unconsolidated
undrained tests was used. Figures 3 and 4 showed the sketch of the triaxial testing
system setup. The specimen is contaminated, and the container tension (σ3) is utilized
without draining or consolidation (drains were closed for the entire test duration).
The confining pressures used for the tests were (50, 100, and 200) kPa. The degree of
saturation on the triaxial test samples in compacted specimens was less than 100%.
During the shear test, the data was governed by ten second-logging rates. For each
logging, themeasurements of deviatoric load, external axial deformation and volume
change were recorded. Triaxial specimens were sheared until an axial strain of 15%
had been reached.
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Fig. 3 Triaxial testing system setup sketch

4 Results and Discussion

Compaction is the method of using mechanical energy, such as vibration, tamping,
and rolling, to maximize soil density by reducing air voids. Compaction is used to
improve the engineering characteristics of the soil. The key criteria for compaction
properties of soil are optimum moisture content and maximum dry density. Artifi-
cially processed specimens with a crude oil content of (0, 4, 8, 12, and 16%) were
subjected to compaction checks. Figure 5 shows the impact of the polluted (crude
oil) on the compaction parameters.

The overall dry density decreases as the proportion of crude oil content increases,
as seen in Fig. 5. Since the pore spaces in sand soil samples are wider, crude oil
could flow in the soil particles at a similar rate as water and has the same lubricating
impact. The capillary tension effect [4] can be due to the reduction in dry unit weight
with an increase in oil content. Capillary tension in the water reduces the ability
of soil particles to move about and be tightly compacted. The surface tension of
electrolytes and the angle of contact have a significant impact on capillary tension.
Since oil has a hydrophobic property, it prevents water from coming into contact
with soil particles. As a result, as the crude oil content of soil samples increases, the
capillary tension force decreases [10]. This is due to the lubricating effect of the oil,
which aids compaction and reduces the volume of water needed to achieve optimum
density. Another cause may be crude oil’s waste of compaction capacity. Since crude
oil has a higher viscosity than water, it needs more compaction energy to increase
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Fig. 4 The triaxial cell and was assembled and filled with water

Fig. 5 Curves of compaction for soil samples
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the strain between the molecules. As a result, it consumes more steam, allowing the
soil texture to increase.

The stress path space graph of the uncontaminated sand specimen’s in UU condi-
tion for sand specimens in three confining pressures is illustrated in Fig. 6. In this
Figure, q represents the deviatoric stress, and p represents mean effective stress.
It is observed that the change in the confining pressure significantly influences the
behavior of the clean sandy soil samples. Figure 6 shows the variation of the stiff-
ness of uncontaminated sand specimens with the axial strain for specimens sheared
under different confining pressure. In general, the uncontaminated sand stiffness

Fig. 6 Stress–strain
behavior of sandy soil with
different ratios of crude oil in
three different confining
pressures

a (0%)

b (4%)
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Fig. 6 (continued)

d (12%)

c (8%)

e (16%)



Triaxial Compression Behavior of Sandy … 37

Table 2 The angle of internal
friction and cohesion values
from the triaxial test with
different crude oil content
ratios of sandy soil sample

% Crude oil c (kPa) ϕ (degree)

0 0 36.2

4 19 23.9

8 62 23.7

12 61 27.4

16 43 26.6

was degraded as the axial strain increases. The specimens that were sheared at high
confining pressure have higher stiffness values than the specimens at low confining
pressure. The Mohr circles and failure envelopes of the uncontaminated sands are
presented in Fig. 6. The failure envelope and angle of the internal friction were deter-
mined for specimens in UU condition based on total stress. However, in the results
based on total stress, no value for the cohesion appeared. The results showed that
the value of the angle of internal friction equal to 36.2°. Similar observations were
made by many researchers [11–16].

The influence of the crude oil on the Mohr circle and the parameters of shear
strength are based on total stresses. Contamination of sand specimens with different
percentages of crude oil influences the Mohr circles and their parameters. The
samples were mixed artificially with crude oil in the amount of (4, 8, 12, and 16%)
by dry weight of the soil samples. A series of unconsolidated undrained triaxial tests
were aimed from one hand to find the angle of internal friction and cohesion of
contaminated soil specimens. On the other hand, the tests were directed to compare
the results with different percentages of crude oil content. Results (as shown in Table
2) exhibit increase cohesion to the peak value in 8 percentage crude oil content after
that cohesion of the contaminated samples become lower. The angle of internal fric-
tion decrease with increases in oil content. Similar results were found by [17], who
determined strength parameters for clean and contaminated sands angle of internal
friction and cohesion. It demonstrated a decrease in the friction angle due to oil
contamination.

5 Conclusions

The outcome obtained from this research listed as below:

• The viscosity of the crude oil higher than of water requires more effort of
compaction energy to increase the strain between the molecules. As a result,
it consumes more steam, allowing the soil texture to increase.

• Under increasing levels of crude oil pollution, the maximum dry density indicates
a decreasing pattern. The difference inmaximumdry density between soil samples
and pollution levels is negligible.
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• Oil plays a similar function to water in that it raises the risk of inter-particle
slippage, lowering the shear strength of polluted soils.

• The findings explicitly demonstrated that oil contamination of the soil environ-
ment had affected the sandy soil’s geotechnical properties.

• The cohesion improved dramatically with up to 8% oil contamination and then
declined when increased the percentage of crude oil.

• The angle of internal friction of sandy soil particles decreases with contamination
crude oil in a small resulted due to inter-grain lubrication.
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Isotropic and Cross-Anisotropic Stiffness
Parameters for Unsaturated Soils Using
Conventional and Bishop’s Stress State
Variables

Ahmed Mohammed Hasan

Abstract This paper aims to examine the ability of conventional unsaturated stress
state variables (i.e., net stress, σ and suction, s) and alternative unsaturated stress
state variables (i.e., Bishop’s stress, σ* and modified suction, s*) in demonstrating
isotropic and cross-anisotropic stiffness parameters for unsaturated soils in the formu-
lation of stiffness matrices and compliance matrices. To do this, a Matlab code was
generated to give outputs of the formulation of the stiffness matrices. The bulky
outputs of the code were simplified. To check whether the conventional or alterna-
tive unsaturated stress state variables produce less complex outputs, a comparison
between them was performed in the form of the stiffness matrices and compliance
matrices under isotropic and cross-anisotropic unsaturated conditions. For isotropic
unsaturated soils, the comparison showed that the stiffness and compliance matrices
could be demonstrated in a similar level of complexity using both conventional
and alternative unsaturated stress state variables. For cross-anisotropic unsaturated
soils, alternative unsaturated stress state variables successfully formed a manage-
able level of complexity in formulating the stiffness matrix and uncoupling between
the mechanical response and water retention behavior in the formulation of a compli-
ance matrix. Conversely, conventional unsaturated stress state variables could not
demonstrate these two key features of the matrices.

Keywords Stiffness parameters · Unsaturated soils · Net stress · Bishop’s stress

1 Introduction

Small strain elastic behavior of isotropic and cross-anisotropic unsaturated and satu-
rated soils is crucial to predict settlement in many geotechnical projects such as deep
excavations, tunnels etc. The effective stress, σ′ alone is satisfactorily enabled to
described stress-strain behavior of fully saturated soils which introduced by Terzaghi
[1]:
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σ ′ = σ − u (1)

where σ is total stress, and u is the pore water pressure. Using only σ′ is unsatisfactory
to properly describe the mechanical behavior of unsaturated soils. Therefore, Bishop
and Blight [2] introduced two independent stress state variables: net stress σ and
suctions. The σ is defined by:

σ = σ − ua (2)

where ua is the pore air pressure and s is defined by:

s = uw − ua (3)

The σ and s have been used as two independent stress state variables by many
researchers to describe both large strain plastic behavior [3–5] and small strain
elastic behavior for unsaturated soils [6–8]. Alonso, Gens, and Josa [9] developed the
first constitutive model for unsaturated soils called Barcelona Basic Model (BBM),
employing σ and s as the two independent stress state variables. Bishop’s stress, σ*
and modified suction s* are the two alternative stress state variables to the conven-
tional ones that many researchers have investigated to describe together the mechan-
ical behavior and hysteresis of hydraulic in unsaturated soils for plastic behavior
[10–12] and elastic behavior [13–15]. The σ* and s* can be defined by:

σ∗ = σ − Sr uw − (1 − Sr )ua = σ + Sr s (4)

and

s∗ = ns (5)

where Sr represents the pressure of water in the pores and (1 − Sr) refers to air
pressure in the pores in Eq. (4). These two pressures work in the volume of total
voids. The pressure of water in the pores comes from the bulk water; whereas, the
pressure of air in the pores usually comes from the atmospheric pressure. n is the
porosity. Houlsby [16] developed a constitutive equation for work input decrement
of unsaturated soil by:

dW = σ ∗
ij dεij − n(ua − uw)dSr (6)

where dεi j represents an increment of strain, and dSr is the decrement of the degree of
saturation. when σ ∗

i j and s* used as two applied stresses, Eq. 6 suggests that suitable
increment of strain and—dSr are the most proper selected ones, respectively. In
their BBM model for soils under unsaturated conditions, Alonso, Gens and Josa [9]
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employed σ and s to capture the change of elastic volumetric strain, the response of
shear and post-yeilding responses. In contrast, Wheeler, Sharma and Buisson [17]
developed a model for soils under unsaturated conditions, which is called Glasgow
Coupled Model (GCM) to capture hydromechanical response of partially saturated
soils. The GCM model uses σ* and s*. In the model, the s* has involved only the
change of degree of saturation, which only influences the yielding behavior (plastic
change of degree of saturation) within the mechanical response. In the GCM, the
change of elastic volumetric strain and shear behavior (i.e., a large part of mechanical
behavior) solely depends on σ*.

Experimentally proved that unsaturated soils’ small strain elastic behavior could
be captured by only Bishop’s stress [18]. Therefore, using only σ* is sufficient to
describe the mechanical retention behavior of isotropic and cross-anisotropic unsat-
urated soils in small strain levels. The main objectives of this investigation are to
prove whether the conventional and/or alternative unsaturated stress state variables
would be able to: (1) provide compliance matrices in the form of uncoupling of
mechanical response and water retention behavior and (2) to produce compliance
matrices in terms of manageable size and complexity. From the practical point of
view, it is crucial in the geotechnical laboratory testing to have uncoupling formu-
lation of constitutive equation relationships or compliance matrices that separate
between volumetric and distortional behavior. This helps researchers to investigate
the effect of an individual variable on a particular response of soils properly.

2 Theoretical Background

If material is assumed to be elastic, the stress-strain behavior is reversible. Elastic
behavior can be either linear or non-linear. In the latter case, elastic stiffness param-
eters vary with stress or strain. Based on the Hook’s law for isotropic saturated soils,
which is independent of direction, to fully descript theminimal strain elastic behavior,
Young’s modulus E and Poisson’s ratio v are the two independent variables that can
be employed [19]. Compliance matrix can be formulated for isotropic saturated soils
in accordance to Hooke’s law by:

⎡
⎢⎢⎢⎢⎢⎢⎢⎣

dεx

dεy

dεz

dγxy

dγyz

dγzx

⎤
⎥⎥⎥⎥⎥⎥⎥⎦

=

⎡
⎢⎢⎢⎢⎢⎢⎢⎣

1
E − ν

E − ν
E 0 0 0

− ν
E

1
E − ν

E 0 0 0
− ν

E − ν
E

1
E 0 0 0

0 0 0 2(1+ν)

E 0 0
0 0 0 0 2(1+ν)

E 0
0 0 0 0 0 2(1+ν)

E

⎤
⎥⎥⎥⎥⎥⎥⎥⎦

⎡
⎢⎢⎢⎢⎢⎢⎢⎣

dσ ′
x

dσ ′
y

dσ ′
z

dτxy

dτyz

dτzx

⎤
⎥⎥⎥⎥⎥⎥⎥⎦

(7)

where z is the vertical direction and x, y are the horizontal direction, dσ′
x, dσ′

y and
dσ′

z are the effective stress increments, dεx, dεy and dεz are the corresponding strain
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increments, dτxy, dτyz and dτzx are the shear stress increments and dγxy, dγyz and
dγzx are the corresponding shear strain increments. Equation 7 can be expressed in
stiffness matrix as inverted:

⎡
⎢⎢⎢⎢⎢⎢⎢⎣

dσ ′
x

dσ ′
y

dσ ′
z

dτxy

dτyz

dτzx

⎤
⎥⎥⎥⎥⎥⎥⎥⎦

= A

⎡
⎢⎢⎢⎢⎢⎢⎢⎣

(1 − ν) ν ν 0 0 0
ν (1 − ν) ν 0 0 0
ν ν (1 − ν) 0 0 0
0 0 0 (1−2ν)

2 0 0
0 0 0 0 (1−2ν)

2 0
0 0 0 0 0 (1−2ν)

2

⎤
⎥⎥⎥⎥⎥⎥⎥⎦

⎡
⎢⎢⎢⎢⎢⎢⎢⎣

dεx

dεy

dεz

dγxy

dγyz

dγzx

⎤
⎥⎥⎥⎥⎥⎥⎥⎦

(8)

where A = E
(1−2v)(1+v)

.
For cross-anisotropic saturated soils, elastic behavior can be fully described using

five elastic parameters such as Ev, Eh, vvh, vhh and Ghv [20, 21], where Ev and Eh are
Young’s moduli in horizontal and vertical directions respectively, vvh is the Poisson’s
ratio when lateral stress is applied in the horizontal direction to produce a ratio of
vertical strain to horizontal strain, Ghv is the shear modulus in the vertical plane
(which is equal to Gvh). Therefore, it is possible to express the compliance matrix of
cross-anisotropic saturated soils by:

⎡
⎢⎢⎢⎢⎢⎢⎢⎣

dεx

dεy

dεz

dγxy

dγyz

dγzx

⎤
⎥⎥⎥⎥⎥⎥⎥⎦

=

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎣

1
Eh

− νhh
Eh

− νvh
Ev

0 0 0

− νhh
Eh

1
Eh

− νvh
Ev

0 0 0

− νvh
Ev

− νvh
Ev

1
Ev

0 0 0

0 0 0 1
Ghv

0 0

0 0 0 0 1
Ghv

0

0 0 0 0 0 2(1+νhh)

Eh

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎦

⎡
⎢⎢⎢⎢⎢⎢⎢⎣

dσ ′
x

dσ ′
y

dσ ′
z

dτxy

dτyz

dτzx

⎤
⎥⎥⎥⎥⎥⎥⎥⎦

(9)

The inverted form of Eq. 9 can be expressed by:

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎣

dσ ′
x

dσ ′
y

dσ ′
z

dτxy

dτyz

dτzx

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎦

=

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

(
Ev − Ehν2

vh

) (
Eh − ν2

vh + Evνhh

)
−Evνvh

(
νhh + 1

)
0 0 0(

Eh − ν2
vh + Evνhh

) (
Ev − Ehν2

vh

)
−Evνvh

(
νhh + 1

)
0 0 0

−Evνvh
(
νhh + 1

) −Evνvh
(
νhh + 1

) −
(
ν2hh−1

)
E2v

Eh
0 0 0

0 0 0 LGhv 0 0

0 0 0 0 LGhv 0

0 0 0 0 0 N

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎣

dεx

dεy

dεz

dγxy

dγyz

dγzx

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎦
(10)

where

J = − Eh

(νhh + 1)
(
2Ehν

2
vh − Ev + Evνhh

) , L = − (νhh + 1)
(
2Ehν

2
vh − Ev + Evνhh

)
Eh

and
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N = −
(
2Ehν

2
vh − Ev + Evνhh

)
2

Equation 10 is the output of a MATLAB code generated in the current study.

3 MATLAB Code

AMATLAB code was written to generate compliance and stiffness matrices for both
isotropic and cross-anisotropic unsaturated soils involving both conventional and
alternative stress state variables. Under isotropic, cross-anisotropic, and unsaturated
conditions,when the stress state variables govern by the conventional ones (i.e.,σ and
s), in Eq. 7, theσ′ changed by theσ . In addition,matric suction, swas added to stresses
in the compliance matrix. The suction stress increment, ds lead to corresponding
volumetric water content strain increments, dεvw. Similarly, when the stress state
variables govern by the alternative ones (σ*and s*), in Eq. 7, the σ′ changed by the
σ* and a scalar stress state (i.e., s*) was added to stresses in the compliance matrix.
Themodified suction stress increment (ds*) causes a corresponding decrement of the
degree of saturation− dSr as explained in the following paragraphs. The formulation
of compliance and stiffness matrices of unsaturated soils are:

Isotropic Elastic Behavior. Isotropic elastic responses of unsaturated soils are
possible to be presented in terms of compliance matrix as below when net stresses,
σ and suction, s are considered as the governing stress variables:

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

dεx

dεy

dεz

dγxy

dγyz

dγzx

dεvw

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

=

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

1
E − ν

E − ν
E 0 0 0 1

H
− ν

E
1
E − ν

E 0 0 0 1
H

− ν
E − ν

E
1
E 0 0 0 1

H
0 0 0 2(1+ν)

E 0 0 0
0 0 0 0 2(1+ν)

E 0 0
0 0 0 0 0 2(1+ν)

E 0
1
H

1
H

1
H 0 0 0 1

R∗

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

dσ x

dσ y

dσ z

dτxy

dτyz

dτzx

ds

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

(11)

where dεvw is the increment of water volumetric strain and equals to dεvw = dvw

v
, v

is the specific volume (1 + e) and vw is the quantity (1 + Sre) defined by Wheeler
[22]. H is Young’s modulus for the soil regarding matric suction change and R* is
water volumetric (bulk) modulus associated with a matric suction change [23]. In
Eq. 11 two extra elastic constants (i.e., H and R*) have been added due to adding
the effect of ds. The three components of shear stress in stiffness and compliance
matrices do not change for both saturated and unsaturated conditions because the
effect of the pore water pressure is canceled [19, 24]. The Young’s modulus (E)
in Eq. 11, is defined concerning a change of the net stress,σ . It is also possible to
apply the above stiffness matrix to non-linear elastic soil behavior [23]. It can be
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noticed from Eq. 11 that one scalar stress variable, ds added to the 6 tensorial stress
variables resulting in the seventh corresponding strain variables. The scalar ds cause
elastic swelling strain in wetting and elastic shrinkage strain on drying due to matric
suction changes [9, 17]. To know the elastic straining in swelling and drying, the
soil’s water retention behavior is essential. From Eq. 11, it can also be noticed that
the first six stress and strain relations give the all-mechanical response; whereas,
the last row of the stiffness matric gives the change of the elastic water volumetric
behavior due to change in the water retention behavior [9]. The stiffness matrix of
the above compliance matrix can be expressed as:

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

dσ x

dσ y

dσ z

dτxy

dτyz

dτzx

ds

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

= B

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

(
ν − 1 + 2ER∗

H2

) (
ν + ER∗

H2

) (
ν + ER∗

H2

)
0 0 0 (1+ν)R∗

H(
ν + ER∗

H2

) (
ν − 1 + 2ER∗

H2

) (
ν + ER∗

H2

)
0 0 0 (1+ν)R∗

H(
ν + ER∗

H2

) (
ν + ER∗

H2

) (
ν − 1 + 2ER∗

H2

)
0 0 0 (1+ν)R∗

H

0 0 0 C 0 0 0

0 0 0 0 C 0 0

0 0 0 0 0 C 0
(1+ν)R∗

H
(1+ν)R∗

H
(1+ν)R∗

H 0 0 0 D

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

dεx

dεy

dεz

dγxy

dγyz

dγzx

dεvw

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

(12)

where

B = EH 2

(1 + ν)
(
2νH 2 − H 2 + 3ER∗) ,C =

(
2νH 2 − H 2 + 3ER∗)

2H 2
and

D = (1 + ν)(2ν − 1)R∗

E

The stiffness matrix in Eq. 12 is an output of the Matlat code in the current
study. It is clear from Eqs. 11 and 12 that the compliance matrix is simpler than the
stiffness matrix. If the isotropic elastic behavior of unsaturated soils is expressed
under Bishop’s stress and modified suction as the governing stress variables, Eq. 11
would include just a single elastic constant (X):

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

dεx

dεy

dεz

dγxy

dγyz

dγzx

−dSr

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

=

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

1
E − ν

E − ν
E 0 0 0 0

− ν
E

1
E − ν

E 0 0 0 0
− ν

E − ν
E

1
E 0 0 0 0

0 0 0 2(1+ν)

E 0 0 0
0 0 0 0 2(1+ν)

E 0 0
0 0 0 0 0 2(1+ν)

E 0
0 0 0 0 0 0 1

X

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

dσ ∗
x

dσ ∗
y

dσ ∗
z

dτxy

dτyz

dτzx

ds∗

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

(13)

where X is the water volumetric (bulk) modulus related to the change of s*. As
stated above that the appropriate work-conjugate strain increment variable is the
decrement of the degree of saturation,—dSr for the increment stress variable ds*.
It is clear from Eq. 13, that the form of the compliance matric is the same as that



Isotropic and Cross-Anisotropic Stiffness Parameters … 47

in Eq. 7 for saturated soils and the only difference is that the Bishop’s stress, σ* is
changed by effective stress, σ′. In Eq. 7, uncoupling is achieved between volumetric
and distortional response for isotropic elastic saturated soils [24]. Similarly, Eq. 13
which is proposed in the current work, provides uncoupling between the volumetric
and distortional effect for isotropic elastic unsaturated soils. In addition, Eq. 13 also
provides an uncoupling between mechanical response and water retention behavior.
This proves that σ* and s* produce a very simple form of compliance matrices
compared to the σ and s. The inverted version of the above equation is:

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

dσ ∗
x

dσ ∗
y

dσ ∗
z

dτxy

dτyz

dτzx

ds∗

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

= F

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

(ν − 1) −ν −ν 0 0 0 0
−ν (ν − 1) −ν 0 0 0 0
−ν −ν) (ν − 1) 0 0 0 0
0 0 0 (2ν − 1) 0 0 0
0 0 0 0 (2ν − 1) 0 0
0 0 0 0 0 (2ν − 1) 0
0 0 0 0 0 0 X

F

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

dεx

dεy

dεz

dγxy

dγyz

dγzx

−dSr

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

(14)

where F = E
(2v−1)(1+v)

.

Anisotropic Elastic Behavior. When net stresses, σ and suction, s are considered as
the governing stress variables, the compliance matrix of anisotropic elastic behavior
can be expressed by:

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

dεx

dεy

dεz

dγxy

dγyz

dγzx

dεvw

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

=

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

1
Eh

− νhh
Eh

− νvh
Ev

0 0 0 1
H

− νhh
Eh

1
Eh

− νvh
Ev

0 0 0 1
H

− νvh
Ev

− νvh
Ev

1
Ev

0 0 0 1
H

0 0 0 1
Ghv

0 0 0

0 0 0 0 1
Ghv

0 0

0 0 0 0 0 2(1+νhh)

Eh
0

1
H

1
H

1
H 0 0 0 1

R∗

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

dσ x

dσ y

dσ z

dτxy

dτyz

dτzx

ds

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

(15)

In terms of the stiffness matrix of Eq. 15, the MATLAB code in the current
study produced an extremely complex and very long stiffness matrix. Therefore, the
matrix could not be expressed here. This is a drawback of using conventional stress
state variables as the governing stress variables. When Bishop’s stress and modified
suction are considered as the governing stress variables (with elastic straining solely
dependent on Bishop’s stresses) a similar compliance matrix for saturated soil is
produced by:
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⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

dεx

dεy

dεz

dγxy

dγyz

dγzx

−dSr

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

=

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

1
Eh

− νhh
Eh

− νvh
Ev

0 0 0 0

− νhh
Eh

1
Eh

− νvh
Ev

0 0 0 0

− νvh
Ev

− νvh
Ev

1
Ev

0 0 0 0

0 0 0 1
Ghv

0 0 0

0 0 0 0 1
Ghv

0 0

0 0 0 0 0 2(1+νhh)

Eh
0

0 0 0 0 0 0 1
X

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

dσ ∗
x

dσ ∗
y

dσ ∗
z

dτxy

dτyz

dτzx

ds∗

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

(16)

The stiffness matrix of the above compliance matrix can be expressed as:

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

dσ∗
x

dσ∗
y

dσ∗
z

dτxy

dτyz

dτzx

ds∗

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

= J

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

(
Ev − Ehν2

vh

) (
Eh − ν2

vh + Evνhh

)
−Evνvh

(
νhh + 1

)
0 0 0 0(

Eh − ν2
vh + Evνhh

) (
Ev − Ehν2

vh

)
−Evνvh

(
νhh + 1

)
0 0 0 0

−Evνvh
(
νhh + 1

) −Evνvh
(
νhh + 1

) −
(
ν2hh−1

)
E2v

Eh
0 0 0 0

0 0 0 LGhv 0 0 0

0 0 0 0 LGhv 0 0

0 0 0 0 0 N 0

0 0 0 0 0 0 LX

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

dεx

dεy

dεz

dγxy

dγyz

dγzx

−dSr

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

(17)

where

J = − Eh

(νhh + 1)
(
2Ehν

2
vh − Ev + Evνhh

) , L = − (νhh + 1)
(
2Ehν

2
vh − Ev + Evνhh

)
Eh

and N = − (2Ehv
2
vh−Ev+Evvhh)

2 .
Equation 17 is the stiffness matrix for unsaturated soils and Eq. 10 is the stiffness

matrix for saturated soils both under cross-anisotropic conditions. Comparison of
Eq. 10 and Eq. 17 shows that these two equations are very similar in terms of the
level of complexity, even though the latter is for unsaturated soils, which had a more
complex form. This is confirming that using σ* and s* is much better than using σ

and s in terms of formulation matrices regarding complexity. As mentioned above
the stiffness matrix of Eq. 15 has not presented here because the matrix was very
complex.

4 Interpretations and Discussion

Investigation of Eqs. 11 and 13 shows that any change of s and s*, respectively,
produces similar changes in stresses in x, y and z directions due to isotropic condi-
tions; however, this is not true in cross-anisotropic conditions. In Eqs. 15 and 16, the
compliance matrices’ formulations can be compared when conventional and alter-
native stress state variables are used. In Eq. 16, the water retention behavior can be
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linked by only one constitutive equation (i.e., dSr = ds*/X, the last row of the compli-
ance matrix), which is totally separated from the mechanical response of the elastic
behavior. In contrast, in Eq. 15, there is a strong relation (coupling) between the
mechanical response and the water retention behavior because any change in suction
will produce changes in the net stresses. For example, in Eq. 15, when suction is
changed by a certain amount while keeping the net stresses (σ x , σ y , σ z ) constant, this
will produce changes in the values of σ x , σ y , and σ z by a different amount because of
different constants (1/Eh, − vhh/Eh, − vvh//Ehh, respectively) in different directions
[24, 25]. In contrast, when s* is changed in Eq. 16, while keeping the values of σ x ,
σ y , and σ z constant, the values of the σ x , σ y , and σ z will not change when s* changes
because the elastic response of unsaturated soils solely depends on Bishop’s stress
not modified suction, s* (i.e., uncoupling between mechanical response and water
retention behavior) [18]. It can be deduced that Eq. 16 is a better representation of
real behavior in terms of elastic behavior in anisotropic unsaturated soils, and it is
also simpler than Eq. 15 in terms of the number of elastic constants. It can be noted
that the forms of Eqs. 4 and 5 (i.e., alternative stress variables σ*and s*) are clearly
more complex than the traditional stress state variables of net stress σ and suction,
s (see, Eqs. 2 and 3).

5 Conclusions

From the above interpretations and discussions, several important points could be
concluded as follow:

• For elastic behavior of anisotropic unsaturated soils, conventional stress state
variables (σ and s) cannot produce a stiffness matrix with manageable size and
complexity, whereas the alternative stress state variables (σ*and s*) can.

• Bishop’s stress can represent the elastic behavior of isotropic and cross-anisotropic
unsaturated soils, which cannot be performed by net stress and suction due to
strong relations between mechanical response and water retention behavior.

• The elastic behavior of isotropic and anisotropic unsaturated soils solely depends
on the σ*.
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The Effect of Electric Field
on the Settlement Behavior to Improve
Gypseous Soil

Methaq A. Talib and Qasim A. Aljanabi

Abstract There are many techniques to improve gypseous soil, one of these is used
electrical field (Electro-osmotic consolidation), which is the technology of transfer-
ring water and positively charged ions by directing the electric field from the anode
to the cathode. This application has many successful applications in geotechnical
engineering, such as dewatering, electrostatic filling. The present study attempts to
verify the effect of electric filed on behavior settlement of gypseous soils by the
experimental model. This experimental model represents the primary load applied
on a gypseous soil experiencing a water rise and collapses. In this study, the soil
has 30% gypsum content and is treated with electroosmosis. Two intensities of loads
were applied on the soil, equals to 20 and 28 T/m2. The test was performed using
Dc voltage on the soil; the results from this test were compared with the soil without
Dc voltage. The results showed the soil response for the electroosmosis technique,
which improves the settlement of soil. The optimum voltage level is reported to be
between 15 and 20 V DC voltage. The maximum reported degree of improvement
for 15 V was 70%, while in 20 V, such level may reach 80% in some stations within
the testing time. Further studies can be achieved by changing the gypsum content,
the type of electrodes used, and changing the device’s dimensions.

Keywords Gypseous soil · Gypsum content · Electroosmosis · DC voltage ·
Settlement

1 Introduction

In general, soil improvement techniques are procedures that geotechnical engineers
can follow to enhance soils’ properties or behavior that inherently lack a consider-
able problem in their performance, such as gypseous soil. Gypseous soils speared in
many regions of the world, particularly in arid and semi-arid areas, where the annual
quantity of rainfall is not enough for leaching the gypsum from these soils [1]. In
Iraq, this soil is found with different gypsum content ranging from 10–70% and
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covers about 31.7% [2]. Gypseous soils are soils that have enough gypsum content
to change or affect their engineering properties. Gypsum (calcium sulfate dehydrate)
can have a detrimental effect on buildings, pavements, and earth structures because
it is moderately soluble salts. Gypsum dissolves with water and generates caves and
progressive settlements, accelerating seepage flows and the accompanying deterio-
ration in foundations [3]. In addition, gypseous soils have enough gypsum amount
to vary or affect engineering properties. Gypsum (hydrated calcium sulfate) can
injure buildings, earth structures, and pavements because it is one of the solubility
moderate salts. There are many techniques to improve gypseous soil, one of these
using electrical field (Electro-osmotic consolidation), a method in which the pore-
water migrated from anode under in the electrical field the existing soils [4]. The first
contribution that included the first set up of an apparatus for electroosmosis consol-
idation was proposed by Reuss when the wires used as electrodes, and no-load was
applied, and the water transport was observed qualitatively during that study [5].
Additionally, Casagrande used the same setup, but the solid electrodes were used
instead [6]. After that time, many attempts were made to explore improvement for
different soil types and other criteria, including some of the successful case histories.
Since that date, the electroosmosis technique has taken a trend to be a unique option
for cost and environmental purposes.

Furthermore, this technique’s procedural purpose is to increase the shear strength
of soil through rapid consolidation, which is very useful in some site cases when
preloading is not possible, like slope soil stabilization. In addition, electroosmosis
was also used successfully inmany dewatering applications, including volume reduc-
tion of hazardous materials such as biosolids, mining applications, and ground-
water recharge [7]. Such a promising technique is considered an excellent alter-
native to treat problematic soils and used in many applications like excavations,
slopes/embankment stabilization, pile capacity increasing, clays’ strength, dewa-
tering sludge/tailings, and controlling groundwater flow [4]. Hamir et al. [8] proposed
an electroosmosis cell and applied higher order of load in parallel with electrical
voltage. Porewater pressure, the electrical water flow rate, and the soil–electrode
zone potential drop were measured during that program [8].Wu and Hu [9] proposed
analytical and numerical solutions for vacuum preloading in combination with elec-
troosmosis. Twomodels were presented, the first was one-dimensional, and the other
is axisymmetric. The results showed good agreement between the analytical and the
numerical solution [9]. Karkush and Ali [10] studied the clay soil polluted with lead
nitrate has been investigated by using the electrokinetic technique enhanced by using
mid compartment, purging solutions, and washing technique. The result showed that
an increment of the lead causes increases the electrical current generated during the
treatment process, and the washing process is found beneficial in decreasing the
period of remediation but does not influence the removal efficiency [10]. Karkush
and Ali [11] use of electrical kinetic technology to treat clay soil contaminated with
copper in two ratios and the results showed that increment the concentricity of copper
causes an increment in the electric current generated during the treatment process
[11]. This study is an attempt to verify and improve the gypseous soil using the
electroosmosis technique with different applied voltage levels and the possibility of
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Table 1 Results of chemical
properties of gypseous soil

Properties Value Properties Value

Total soluble salts
(TSS) (%)

33 Organic matter (OM) % 0.22

Gypsum contents
(%)

30 Chloride contents (Cl)
%

0.056

Sulphate content
(SO3) (%)

13.89 pH value 7

knowing the gypseous soil’s response to the best electrical voltage and reduce the
soil settlement that happened.

2 Soil Sampling and Geotechnical Properties

The gypseous soil was brought from Tikrit, Salah al-Din city center to use in this
study. This city is located in themiddle of Iraq and north ofBaghdad by180km,with a
gypsum content of 30%. The existence of several industrial areas as well as the future
projects which were proposed. The disturbed samples are taken from depths ranging
from (0.75–1.5) m under the natural ground level. Then, soil samples are packed in
bags of double nylon, labeled, and imparted to the soil mechanics laboratory at the
University of Diyala to carry on the required testing. During the conducted exper-
imental program, gypseous soil is air-dried and crushed with a rubber hammer to
make it as uniform as possible and sieved1 with No. 4 (4.75 mm diameter of sieve) to
extract unwanted impurities. The soil is mixed well together to attain a homogenous
condition as much as possible. The soil was used to study soil properties’ improve-
ment. The chemical and physical properties of the gypseous soil are illustrated in
Tables 1 and 2. The results of particle size distribution curve and collapse test are
shown in Figs. 1 and 2. The relative density of the test is not applicable for this soil
(ASTMD4254), the temperature used for the procedure the initial water content test
(40–50) °C to avert the loss of the gypseous crystals [12]. Gypseous soil is classified
as a medium to medium hazard (ASTM D 5533).

3 Experiential Work

The tests are procedure in the Civil Engineering Laboratory in the College of Engi-
neering at the University of Diyala using an experimental model. The plywood box
was utilized together with dimensions (30 × 30 × 30) cm inside a steel tank with
dimensions (50 × 50 × 35) cm, is filled with water. The voltage was applied using
DC volts, and the device was designed so that the load is applied through the loading
arm.
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Table 2 Results of physical properties of gypseous soil

Properties Value Specification

Grain size analysis D10 (mm) 0.06 ASTM D422

D 30 (mm) 0.07

D 60 (mm) 0.18

Uniformity coefficient, Cu 3.12

Curvature coefficient, Cc 0.453

Passing sieve No.200 (%) (using
kerosene)

37.2

Soil classification based on (USCS) SM

Specific gravity, Gs 2.48 ASTM D 854

Atterberg’s limits Liquid limit (LL) (%) 22 ASTM D4316

Plastic limit (PL) (%) NP

Direct shear test Angle of internal friction (ϕ) in dry
condition

34.4 ASTM D 3080

Angle of internal friction (ϕ) in
soaking condition

31

Soil cohesion (c) (kN/m2) in dry 9

Soil cohesion (c) (kN/mm2) after
soaked

4

Dry unit weight Maximum dry unit weight (kN/m3) 16.75

Minimum dry unit weight (kN/m3) 12.54

Relative density, Dr (%) 70

Dry weight test at a relative density
of 70% (kN/m3)

15.22

Field unit weight (kN/m3) 15 ASTM D1556

Initial void ratio 0.64

Water content (%) 0.81 ASTM D2216

Compaction characteristics Maximum dry unit weight (kN/m3) 17.95 ASTM 698

Optimum moisture content (%) 14.13

Dry unit weight at a relative density
of 85% (kN/m3)

15.26

Collapse potential, % 5 ASTM D5533

Apparatuses of Model. The apparatus and equipment used in tests are listed
below. Figure 3 explains a sketch of the laboratory model used in tests.

(1) Load arm; (2) Rigid footing (5× 5) cm; (3) Anode; (4) Soil sample (30× 30
× 25) cm; (5) Cathode; (6) Plywood box (30 × 30 × 30) cm; (7) Steel water tank
(50 × 50 × 35) cm; and (8) Dial gauge.

In this study, five levels of voltage were applied by the DC voltage (5, 10, 15,
20, and 25 V). A subject load (20 and 28) T/m2 was applied. The 3 mm commercial
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Fig. 2 Result of collapse test (odometer test) for gypseous soil

aluminumplatewas used to fabricate both anode and cathode, and the used foundation
is made in the form of a steel plate (5 × 5) cm and a thickness of 3 mm. A (30 × 30
× 30) cm plywood box is manufactured to include the soil sample. The bottom of
this box was perforated to facilitate the exit of water into the soil sample. The steel
box was built with dimensions (50 × 50 × 35) cm to contain water, as illustrated in
Fig. 4.
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Fig. 3 Schematic diagram of the testing setup

The Dc voltage regulator The aluminum electrodes

The plywood box The steel tank

Fig. 4 Main parts of the testing setup
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4 Testing Procedures

The gypseous soil utilized in this study is dried in a sufficient quantity to fill the
wooden box (30× 30× 25) cm. It is divided into two layers. Each layer has dimen-
sions of (15 × 15 × 12.5) cm. By depending on the dry unit weight of soil (15.22)
kN/m3, the weight of the total volume of soil is calculated. A hammer is used to
obtain the soil’s required density where a steel plate with dimensions (200 × 200)
mm and a thickness of 5 mm is installed in the front. Several tests are outright to
ensure the adjustment process is controlled, achieve the test optimally’s required
density, and avoid any difference in the density values between one test and another
to ensure accurate results. After the soil preparation operation, the rest of the device
is installed, where the water tap is opened to fill the steel box until it reaches the level
of the soil sample, and the loads and voltages are applied by the DC voltage current.
The readings are taken by the dial gauge, where these readings are taken every half
hour during the 600 min until a soil collapse occurs, where the rest readings are
ignored.

5 Results and Discussion

During the current study, the applied voltage levels are 5, 10, 15, 20, and 25 V.
The soil was embedded in (30% gypsum), two levels of applied load were used to
simulate the heavy load accumulated for the superstructure (20 and 28 T/m2). This
study is characterized by the ratio (the difference between the reference settlement
and the improved soil on the reference soil level). At the outset, the overall settle-
ment outreach is presented and discussed. Next, the suitability of the improvement is
considered to gain a better understanding of the intended role. In general, the settle-
ment propagation method versus time is equivalent to both reference, and improved
soils are shown in Figs. 5 and 6. The failure time is taken into account when suddenly
the soil collapses. The dial gauge reading is not recognized. However, it has been
reported that the time of this collapse is 600 min for soil. In addition, at a low voltage
level (5 V), there are not enough negative electrons that can play the optimum role
in the movement of the water dipole towards the cathode.

On the other hand, when the voltage level is high (25 V), the excessive negative
electrons dictate the dipoles’ turbulent motion, revealing a decrease in performance.
Also, it is not possible to determine the optimum voltage level throughout the entire
test period, but it is clear that this value is between 15 and 20 V for these soils and
the applied loads. Table 3 shows the degree of improvement monitored at the fourth
quarter of total failure time in soil, and the applied load was 20 T/m2.

Due to the above, it can be observed that there is no recognized context to the vari-
ation of the degree of improvement due to the time of testing progress in this way. The
Pearson correlation factor is used to understand the degree of dependency between
the degree of improvement and time testing stations. This factor is represented by a
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Fig. 6 Effect of the voltage level on time-settlement behavior, 28 T/m2

single number that ranges from −1 to +1 in the correlation test to characterize the
required degree of relevancy. This test was conducted to the complete set of variables
by utilizing the statistic software package (SPSS) whose description is provided in
this section. The result of the correlation test is listed in Table 4.When the degree of
correlation is negative, the electroosmosis technique has more effectiveness in the
initial stages than in the final ones and vice versa. More precisely, in the soil with
20 T/m2, the Dc voltage depletes the vast majority of improvement potential at the
first stages because the foundation stress does not confine dipolar movement towards
the cathode. This behavior was inverted in 28 T/m2 when the stress determines such
movement till 25 V, which can break this role due to the excessive applied potential.
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Table 3 Degree of improvement of soil

Load Time station (%) Degree of improvement

5 V 10 V 15 V 20 V 25 V

20 T/m2 25 61.92 71.97 71.13 81.17 60.25

50 19.41 50.65 55.45 46.03 11.65

75 11.59 21.89 39.44 28.17 −10.62

100 22.12 29.13 33.70 26.84 4.20

28 T/m2 25 −2.07 5.69 31.61 37.31 10.88

50 −27.03 −21.54 16.89 15.65 −19.11

75 1.07 9.68 31.77 26.59 −13.00

100 13.87 30.46 33.81 38.14 −2.72

Table 4 The pearson correlation factor for soil

Load Standard 5 V 10 V 15 V 20 V 25 V

20 T/m2 Pearson
factor

−0.728 −0.898 −0.898 −0.923 −0.801

Degree Moderate
negative

Strong
negative

Strong
negative

Strong
negative

Strong
negative

28 T/m2 Pearson
factor

0.573 0.637 0.355 0.164 −0.342

Degree Weak
positive

Moderate
positive

Weak
positive

Weak
positive

Weak
negative

6 Conclusion

The main conclusion that can be express throughout this study are as follows:

• Applying DC voltage to the gypseous enhances the surface settlement versus time
behavior of such soils.

• The optimum level of DC voltage is located between 15 and 20 V.
• The maximum reported degree of improvement for 15 V was 70%, while in 20 V,

such level may reach 80% in some stations within the testing time.
• There is no recognized context to the variation of the degree of improvement due

to the time of testing progress.
• The excessive negative charged electrons dictate dipoles’ disconcertedmovement,

which reveals soil agitation and low electro osmoses performance.
• Increasing the applied loads causes a consequent increase in the electroosmosis

deflection response due to excessive stress.
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Tsunami Waves, Causes and Its
Implications: A Review

Hiba A. Bachay, Asad H. Aldefae, Salah L. Zubaidi, Wissam H. Humaish,
and Evgeny K. Sinichenko

Abstract This paper reviews the basic theoretical information needed to understand
the tsunami wave’s phenomenon, causes, and implications on coastal cities. The first
part describes the basic knowledge of the tsunami waves and some experimental and
large and small physical modeling performed to understand the Tsunami and take
care of its effect in the future. The influence of climate changes and global warming
on the rise of water level and its effect on the Arab Gulf and Iraq are also presented.
Then the principles of tsunami generation, involving earthquakes, landslides, and
volcanic will be discussed. The tsunami propagation, inundation, and interaction
with the coastal structures will be reviewed in brief. Also, the paper reviews some
previous studies on tsunami simulation.

Keywords Tsunami · Earthquake ·Wavelength · Inundation ·Wave propagation

1 Introduction

Due to the recent phenomena in the Indian Ocean and Japan, humanity is afraid of
the risk imposed by tsunamis after earthquakes. Tsunamis can be created by a sudden
huge-scale disruption of a quantity of ocean water. This displaces the surface of the
ocean and generates waves series that branched from the occurred disturbance. The
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magnitude of these earthquakes is higher than 6.5 on the scale of Richter and their
central depth of approximately 60 km [1]. The great part of the tsunamis (about 88%)
in the Database of Global Historical Tsunami, DGHT (since 1900 A.D), has been
triggered by landslides or earthquakes. The essential reason for a tsunami occurrence
is an enormous earthquake under the ocean floor [2]. Earthquakes do not always
produce tsunamis. It depends on key features such as its location,magnitude, whether
an earthquake generates a tsunami [3]. The displacement value of the ocean bed, the
extent of the area that the earthquake covers and the water height above it are the
major factors that govern the tsunami size.

Furthermore, earthquakes may also produce tsunami-generating landslides [2].
Landslide is a general term relating to tsunami generation that describes various
grounddisplacement forms, involving rocks and slope collapses, falls, flowsof debris,
and slumps. Tsunamis are produced due to the displacements of the water from
below (submarine) or above (subaerial) by the effect of a landslide. The generation
of tsunamis is governed by the number of landslip materials that move the water, the
velocity, and the depth at which it travels shifts, respectively [2].

A group of researchers works to study an unusual type of Tsunami generated
by large underwater landslips and determine if their occurrence may be affected
by climate change. It has been suggested that climate change could increase the
frequency of slides in two ways. The first is methane hydrate dissociation (the
methane gas release from a priorly stable condition in the sediment) that is able
to cause structural impairment and generate a slip [3]. The other way is the
crustal rebound, where the ice sheet’s removal causes a pressure releasing from
the Earth’s crust, so it returns to a new equilibrium place [3]. Independent of ETTs
(earthquake-triggered tsunamis), globalwarming,which is a long-term phenomenon,
is predictable to result in an accelerated increase in SLR (sea level rise). This may
contribute to a higher risk of low-lying coastal areas being inundated. As a result,
damage due to coastal flooding is projected to increase dramatically throughout and
beyond the twenty-first century as the sea level increases, making socio-economic
damage more prevalent in coastal regions [4]. In the last two decades, numerous
studies have been undertaken to assess, understand and improve management tech-
niques and risk adaptation measures due to SLR (sea level rise) [4]. There has been
a surge in research in recent years regarding force and pressure measurements of
waves on structures. Physical simulations and experimental tests have previously
extensively studied the effects of tsunami loads on coastal structures. Generally,
numerical modeling is used to investigate the impact of these loads on structures. It
normally integrates sufficient validated hydrodynamic equations. Usually, it is used
to analyze certain features of a system exposed to tsunami wave forces.

Solitary waves have been used as an estimated waveform for tsunami representa-
tion in many hydraulic studies [5]. However, a new wave generation method (pneu-
matic wave generator) to regenerate tsunami waves that seismically produced in a
laboratory has been presented by Rossetto et al. [5]. A wave creator can regenerate
scaled waves uses this new design. The wave generator can be used for broad wave-
length reproductions of solitary waves and N-waves. Experimental research was
performed by Farahmandpour et al. [6] to study the relationship between an onshore
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building and a tsunami surge. A new dam-break model was used to produce the
tsunami surge. For each tsunami surge, the ratio between impulsive and hydrody-
namic forces was determined to be about 2.40. With regard to those assessed using
the ‘Federal Emergency Management Agency’ FEMA P646 guidelines, the hydro-
dynamic forces were found to be higher, while they were roughly in accordance with
those obtained by FEMA 55. Also, the results indicated that the ‘ Structural Design
Method of Building for Tsunami Resistance’ overestimates the impulsive energy.

Another experimental study to examine the effect of the tsunami loads on the
coastal building is carried out [7]. An experimental investigation was explicitly initi-
ated for studying the influence of the tsunami loads on a square-shaped prismmodel.
It was concluded that the pressure distribution differed in the experiment depending
on the system’s orientation in terms of flow direction. In addition, the Tsunami bore
velocity has been found to have a greater significant impact on the tsunami inten-
sity rather than the height of the wave. Onshore buildings that are influenced at the
immersion stage by tsunami loads are largely due to the water’s unsteady movement
around the constructed building. A combination of several tsunami forces can be
measured as a phenomenon, such as drag, hydrostatic and inertia forces. Therefore,
a study to explore the influences of unstable flow on houses of rectangular shape,
where the unstable flows are mostly according to trough-led (N-waves) and solitary
wave, is performed by Foster et al. [8]. According to the obtained results, the water
height attained approximately 10–90% of the height of the obstacle. Thus, it was
inferred that the high-water measurement was proportioned with the blocking frac-
tions in the obstacles’ face. Both experimental and numerical models to show the
Tsunami bore effect on the building structure are done [9]. Numerical simulation
was performed with the recently improved semi-implicit three-dimensional moving
particle (3D-MPS) method to verify the physical experimental results and equate
them with the original MPS method. The newly enhanced 3D-MPS system demon-
strates strong qualitative and quantitative agreement with the pressure and height
recorded experimentally. The Tsunami bore effect strength depends on the initial
height of the Tsunami. Compared to the upper floors of the structure, the building’s
base faces a considerable impact. The improved numerical simulation method shows
more significant agreement than that of the original with the experimental results.
The changes in impact pressure on the structure of the building model are due to the
variations in Tsunami bore height and velocity across the structure of the building
model.

An extensive experimental program focused on severe hydrodynamic forces on
structural models created by a turbulent hydraulic bore [10]. The results indicated
that the basis shear force in flow directed by experimental testing was higher than
predicted using document FEMAP646,while the StructuralDesignBuildingMethod
forTsunamiResistance (SMBTR)overestimated the base shear force.Using thewave
tank model, the subjected tsunami loads on buildings were explored by Thusyanthan
and Gopal Madabhushi [11]. A rectangular block was projecting inside the water at
the tank’s deepest side. Themodel tsunamiwavewas formed. Test results showed that
5.1 kPa was the maximum pressure at the house’s front wall, representing 127.5 kPa
due to scaling of Froude number (5.1 × 25) for prototype scale with 5 m/s tsunami
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wave velocity. Finally, numerical modeling can generate several tsunami scenarios
and magnitude that significantly affect tsunami events. While physical modeling
predominantly focuses on worst-case scenarios.

2 Climate Change

The increase in the temperature of the earth from the pre-industrial period to the
present is ~1 °C. Projections for rises in sea-level rise and climate changes from
global warming for a global average surface temperature rise of 1.5 °C with more
estimated 2.0 °C conditions and coastal implications. Therefore, port cities may be
at risk and vulnerable to natural and anthropogenic hazards unrelated to or indirectly
linked to global warming/climate change (i.e., earthquakes, exposure to pollution)
[12]. Iraq is situated along the convergent tectonic border between the Eurasian and
Arab plates, in the northeastern portion of the Arabian plate (see Fig. 1a). Here,
the Bitlis-Zagros Fold and Thrust Belt produce severe earthquake activity, including
Mw7.3 in November 2017, in northern and eastern Iraq. The remainder of Iraq, away
from significant plate boundaries and prone to less regular seismicity, is situated
mainly on the Arab Platform [13]. Iraq has a limited coastline on the Arabian Gulf.
However, due to its depressed altitude relative to the sea level, the Iraqi coastline can
be considered a vulnerable zone in our local region. Even with a 1 m altitude, the
areas of low elevation stretch across Al-Basra City [14]. Onshore, Al-Faw, and Um
Qasr cities, which facilitate exports, trade, and different undertakings and various
industrial processes (involving the oil production and storage), are susceptible to

Fig. 1 a Clarification of seismic regions in Iraq [13] and b sea level raise in Iraq represented by
three scenarios et al. Basrah city [14]
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Table 1 Some of the coastal
cities at danger due to the
natural risks and global
warming [12]

Urban area Urban
population

Urban area Urban
population

Odessa, Ukraine 1,100,000 Wahran,
Algeria

1,040,000

Bucaramanga
Colombia

1,090,000 Da Nang,
Vietnam

1,040,000

Basrah, Iraq 1,085,000 Maceio,
Brazil

1,025,000

Cartagena,
Colombia

1,060,000 Oslo,
Norway

1,025,000

Pointe Noire,
Congo

1,045,000 Antwerp,
Belgium

1,020,000

increment of the sea levels and evolving the patterns of weather, which canmaximize
the shore’s natural features and infrastructures. They a pretty low elevation, as shown
in Fig. 1b, and they are susceptible to any increase in water elevation. Furthermore,
they are subjected to marine and coastal sediment redistribution due to the intensive
storm phenomena [14]. Table 1 shows many littoral areas that their population is a
million or more. They are threatened by the effects of global warming, such as the
change of climate and natural risks [12].

3 Tsunami Occurrence Factors

As explained in the introduction, there are many factors that directly affect tsunami
occurrence. It can be explained in details as follow:

Earthquakes. Earthquakes may cause a sudden rising or fall in the bedrock of the
ocean. The abrupt normal movement of the ocean bed makes a tsunami in motion.
When the surface of the ocean rises or drops, the water body above it often does so.
When the water goes up and down, the tsunami waves radiate out in all directions,
trying to recover their balance. The displacement value of the ocean bed, the extent
of the area that the earthquake covers, and the water height above it are the major
factors that govern the tsunami size. Furthermore, earthquakes may also produce
tsunami-generating landslides [2]. In plate tectonics terms, the bulk of earthquakes
can be clarified. The basic idea is that many large and reasonably durable slabs of
solid and relatively rigid rock, called plates, consist of the outermost part of the
Earth. These plates shift (very slowly) continuously and brush against each other
along the edges of the plate, which are often called faults. Therefore, along these
faults, stress and strain build up, and gradually they become too heavy to bear, and
the plates shift suddenly such that the stress and strain are released, causing an
earthquake. The greatest of tsunamigenic earthquakes occur in subduction zones.
Along subduction margins, there are distinct forms of faults. The inter-plate fault
usually accommodates a broad relative motion between two tectonic plates, and the
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overlying plate is typically driven upward. This upward movement is impulsive; it
happens in a few seconds, very quickly. The ocean water surface reacts instantly
to the upward motion of the seafloor, and the profile of the ocean surface typically
resembles the seafloor displacement, as shown in Fig. 2 [15].

Vertical movement in an earthquake source system itself is not always needed to
generate a tsunami. In the case of sub-aerial and sub-marine landslides (sometimes
defined as sub-marine mass failures), local ground movement from an earthquake of
any type may cause unstable material on a slope to slide into or under the sea [16].
Tsunamis can be caused by only three types of earthquakes: a vertical fault strike-slip
earthquake, a vertical fault dip-slip earthquake, and earthquakes in the dipping plan
thrust (see Fig. 3). If the magnitude of the earthquake increases, the previous scales
suggest that the intensity of a tsunami should increase. This applies to most Pacific
Ocean seismic tsunamis, but it was understood that several earthquakes of weak
and medium seismic moments may cause massive, destructive tsunamis. Both are

Fig. 2 Tsunami formation, triggered by a massive undersea earthquake [2]

Fig. 3 Fault types giving
Tsunami generation [16]
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Fig. 4 Tsunami generation due to landslide [17]

the Great Meiji Sanriku and the Alaskan earthquake in 1896 and 1946, respectively
[16].

Landslides. Submarine gravitational mass wasting is more effective in creating
essential tsunamis in the far-field. This can be attributed to the effective transfer of
energy to the body of water and the greater volume and mass typically shifted within
the waste of submarine mass. This is especially valid with regard to submarine land-
slides (i.e., unconsolidated downslope sliding material) which can range from 1000
to 20,000 km3. Compared to subaerial mass wasting, the vast number of submarines
is primarily covered by unconsolidated sediments due to the seafloor. This is likely
to cause gravity mass wastage in the marine climate, combined with the lack of
vegetation, increased pore water pressure, and high relief energy along continental
margins, deep-sea trenches, mid-ocean ridges, volcanoes, seamounts, or guyots. In
addition to unconsolidated material, submarine mass wastage is also associated with
submarine rock, particularly when stratified parallel to the slope (i.e., Fig. 4) [17].

Landslide pushes the water forward when it reaches the water body, and a positive
seaward radiating wave is produced. The water is initially depressed by creating a
trailing wave until the landslide is fully submerged. Strong offshore free surface
gradients occur in the generation field, resulting in converging flows that converge
and rebound along the landslide centerline. The rebound is responsible for radiating
offshore with a significant positive wave [18]. Both larger temporal and smaller
spatial scale displacements may occur for either subaerial or underwater landslides.
The distortions are of the order of hundreds of meters, and the waves produced are
very different from those caused by submarine earthquakes. Landslide tsunamis,
therefore, appear to be a local phenomenon, although extreme. Submarine failures
have been associated with “sea waves without earthquake” for two centuries ago
[18]. Examples of tsunamis caused by landslides include: October 11, 1918, Puerto
Rico-An an earthquake with an intensity of 7.3 triggered a submarine landslide that
created a tsunami [2].

Volcanic. Historically, volcanic eruptions have been another cause of tsunamis.
A range of processes, including slope instability, earthquakes of volcano-tectonic,
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shock waves, pyroclastic flows, caldera collapse, and underwater blasts, produce
volcanic tsunamis [19]. The eruptive origin tsunamis take place when a magnitude
of the released energy during the eruption indirectly or directly transmits to the sea,
producing impulsive waves by the water displacement. Although this phenomenon is
understood, its precise nature and processes and dynamics interactions that generate
waves throughout the eruptions are not fully grasped. The production of volcanic
tsunamis involves up to eightmechanisms, they are underwater blasts, lahars entering
the ocean, flows of pyroclastic, and flank failure (from the falls of rock to massive
debris collapse), earthquakes during or preceding a volcanic eruption, the coastal
lava bench collapse, caldera collapse (leading to a quick drop of the seafloor) and
shock wave [20]. If an explosive submarine eruption occurs, as in the event of a
blast of a sub astral active volcano, volcanic materials are blown out. Conversely,
if, according to an eruption of submarine volcanic, any magma is emitted from a
chamber, a ground drop occurs, resulting in the formation of a caldera. The water
of the sea that touches raised temperature magma in the neighborhood of seafloor
during the submarine phreatomagmatic explosion process, after which the water of
the sea evaporates with a blast rise in its volume, leading to a tsunami-generating
displacement of the water surface [21].

4 Tsunami Propagation

In a tsunami event, the potential energy obtained during the generation process is
converted to kinetic energy once the water body has been displaced from its equi-
librium location in its source field [22]. Particles of water are induced to oscillate
when gravity acts against this motion as a restoring force. Tsunamis are therefore
defined as waves of gravity [17]. The main parameters that characterize tsunami
waves are length, duration, phase velocity, and wave height. In addition, tsunamis
can be caused by refraction and diffraction, like wind-generated waves, and when
reaching the coast, they undergo shoaling and fracturing [1]. The period of a tsunami
will range from 10 to 120 min, and the length of the wave may reach 500 km [23].
Their wavelengths, largely more than 3000m, are far greater than the seawater depth.
Tsunamis tend to travel like shallow waves of water. The waves of shallow water
fulfill the condition (d < L/20) where d is the depth of the water (m), and L can be
defined as the length of the wave m [17]. The distance between two crests of tsunami
waves barely drops below 10 km, even in coastal areas. This enables tsunamis to
stand out from the waves generated by wind because of their shorter wavelength,
only impacting the upper water column. The following equation represents the speed
or velocity of the waves of shallow water and tsunamis [1]:

c = √
gd (1)

where c represents the phase celerity or velocity of the wave (m/s), while g refers
to the gravitational acceleration (9.81 m/s2), as a result, the tsunami waves’ phase,
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Fig. 5 Shoaling of the tsunami wave. The wavelengths are determined based on a typical tsunami
wave with a period of 30 min; λ represents the wavelength (L) [17]

velocity is directly related with the depth of gravity and water, as shown in Fig. 5,
while it is independent of the wavelength and height of the wave [17].

In general, during the propagation of the Tsunami into the ocean, the magnitude
of the Tsunami will decrease since the energy of the wave is distributed throughout a
wider area [15]. The wavelength of a tsunami is very large. As it propagates, it loses a
very small amount of energy. Thus, in quite deep water, a tsunami can move at raised
speeds without energy loss. For instance, a tsunami travels around 890 km/h when
the ocean is 6100 m deep. Thus, it requires less than 24 h to travel through the Pacific
Ocean. A transformation occurs as a tsunami passes the sea’s deep water and enters
the deeper waters near the shore [23]. Aa a tsunami spreads into the shallow water,
it undergoes a rapid transformation as a tsunami propagates into shallower waters
of the coast. The Tsunami’s velocity minimizes as it arrives at the shallower water,
while the Tsunami’s height increases. Because of the shoaling effect, a tsunami that
was insignificant in the ocean may magnify to reach a height of meters or more [15].
Onshore, the water level will increase bymanymeters. In the most severe conditions,
the water elevation may increase to higher than 20 m for distant tsunamis and higher
than 30 m for those near the quake’s epicenter. Basically, in the series of waves,
the first one may not always be the greatest. The most important characteristic of
tsunami wave during propagation represented by:

Diffraction. It is defined as the process that transmits the wave’s energy laterally
along the crest of thewave into a sheltered position. The exposed reefs and the islands
of limited area are the most that produced a protected area behind them [24].

Refraction. It can be defined as (i) The process that changes the moving direction
of the wave in shallow water at a small angle of contour; the section of the wave crest
passing in deeper water moves quicker than that which passes in shallower water.
(ii) The currents are bending by the crests of the wave [24].

Shoaling. It can be defined as themechanismwhereby the velocity, length, height,
and other wave characteristics alter while moving from deep to shallow water [24].
Shoaling can be divided into two stages: (i) the offshore Tsunami wave water rises
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due to the disadvantage, and (ii) the Tsunami wave water breaks, resulting in a large
flood of water to the shoreline on the dry seabed. As tsunami waves hit the ocean
shoreline, seawater first withdraws, and the drawback is created by water rushing
into the sea. The amount of drawback water could exceed 1 million cubic meters or
1 million tons of seawater [25].

5 Run up and Inundation

The maximum vertical height in which the water waves are observed referred to the
runup concerning sea level. Simultaneously, inundation refers to the maximum hori-
zontal distance reached by a tsunami [23]. Tsunamis are famous for their spectacular
runup elevations; they usually are 2 or more times higher than the elevation of the
Tsunami arriving at the coast. For example, 41 tsunamis have produced wave runup
heights in the Pacific Ocean region in excess of 6 m since 1900. A runup height of
10 m was developed by the quake offshore from Gisborne, New Zealand, in 1947.
Usually, runup heights like that are localized. This magnitude was constant along a
coastal distance of 13 km [16]. Runup is the local feature of the inland wave flow.
Compared to other wave characteristics, runup is commonly used to measure wave
potential for inundation and coastal effects [26].

Runup is the final stage of tsunami life. As the incoming tsunami shoals to an
amplitude approximately equal to the depth of the ocean, the runup process begins,
and the wave starts to break. It also involves the inundation process in which the
water flows overland and achieves its full excursion above sea level [27]. Based on
the sea floor’s topography, the wave starts to slow down and increase in height. The
wave of Tsunami moves through a fresh near-field phase of extinguishing and runup
of the wave of Tsunami and land immersion approaching the coast from a specific
reference point. Large Tsunami waves move as spill breakers ashore in the runup;
this is a nonlinear process. The techniques for predicting such processes are highly
complex; they depend on the height of the incoming wave, the natural, man-made
landscape; and they are challenging to model [28].

Nevertheless, the incoming wave approaches much the same as the incoming
tide on a much faster scale. After runup process tsunami wave induced to the coasts.
Hydrodynamic loading on structural components, floating debris impact loading, and
scouring around foundations resulted in tsunami flooding of coastal towns and cities,
significantly as the inundating water receded during the drawdown time. Timber-
framed houses and unreinforced or poorly strengthened masonry structures have
typically been badly damaged or demolished by hydrodynamic loads [29].
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6 Tsunami Wave-Structure Interaction

A Tsunami’s broken waves moving toward the shores create forces in its direction
that affect structures. Three essential factors must be relied on to define the value and
application of these forces; the depth of immersion, the velocity of flow, and flow
direction. Tsunami bores govern forces involve the debt, buoyant force, hydrody-
namic (drag) force, hydrostatic force, and surge force [30]. The factors majorly rely
on the period and height of the tsunami wave, the shore’s topography, and the inland
shore’s roughness [30]. Using different scenarios of the probable Tsunami (direction
andmagnitude) andmodeling littoral immersion accordingly, the range of the littoral
flood induced by a tsunami and its depth at a particular position is calculated. The
evaluation of flow direction and velocity, however, is typically complex. The veloci-
ties are ranging from zero to considerably large velocities, while the direction varies
based on the local topographic properties onshore, obstacles, and soil cover [31]. The
possibility of tsunami occurrences is low. However, the damages triggered during
the last two tsunamis (the year 2004 Indian Ocean tsunami and the year 2011 Japan
tsunami) have prompted scientists and engineers to consider elements of Tsunami
robust in the design of coastal structures for the protection of coastal communities.
Several researchers have discussed modeling inundation over terrain with variable
roughness, and standard commercial and academic codes typically performwell. The
interaction may be considered as a special case of the flooding process. However,
the distinction that is made regarding the effects that buildings have on the flow and
how the physics found in the models discussed so far do not sufficiently capture this.
The substantial forces that developed due to Tsunami can be summarized as:

Hydrostatic Force. The buoyant force is the vertical force that works through a
submerged body’s center of mass. Its magnitude is equal to the weight of the water
volume displaced by the body being submerged (see Eq. 2).

FB = ρgV (2)

where V the water volume displaced by submerged structure, ρ is the water unit
weight, and g is ground acceleration.

Hydrodynamic (Drag) Force. Structures are exposed to hydrodynamic forces
caused by drag as the Tsunami bore travels inland at moderate to high velocity. For
this force, the general expression is shown in Eq. 3. Current codes use the same
expression, but the drag coefficient values (CD) are different:

FD = ρCDAu2

2
(3)

where FD is the drag force acting in the flow direction, A is the projected area of
the body normal to the flow direction, and u is the velocity of the Tsunami bore.
Drag Coefficient (CD) values differ between FEMA 55 and CCH. FEMA allows the
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Fig. 6 Proposed conditions for loading: a impact point; and b post impact [32]

hydrodynamic force to be transformed to an equivalent hydrostatic force for flood
speeds that do not exceed approximately 3.05 m/s (10 ft/s).

Surge Force. The surge force is created by the impingement of a tsunami bore’s
advancing waterfront on a structure. The measurement of the surge force exerted on
a structure is subject to considerable uncertainty because of the absence of exten-
sive experiments directly relevant to tsunami bores running up the shoreline. CCH
suggests using Eq. 4 with Dames and Moore as its basis:

FS = 4.5ρgh2 (4)

where Fs the surge force per unit width of wall and h the height of surge.
Debris Impact Force. A high-speed tsunami bears debris such as floating vehi-

cles, floating building parts, driftwood, boats, and ships bore moving inland. The
effect of floating debris on a building can cause significant forces, resulting in struc-
tural damage or collapse. Using the same method, both FEMA 55 and CCH codes
reliably account for debris impact forces and suggest using Eq. 5 for calculating the
impact force of debris:

Fi = mb
dub
dt

= m
ui
�t

(5)

where Fi is the impact force, mb is the mass of the body affecting the structure, dub
is the velocity of the impacting body (assumed equal to the flow velocity), ui is the
approach velocity of the impacting body (assumed equal to the flow velocity), and
�t is the period of impact taken equal to the time between the floating body’s initial
contact with the construction and the maximum impact force. Proposed condition
loading is shown in Fig. 6 [32].

7 Tsunami and Geo-Earth Structure Failure

The world witnessed one of the fifth largest earthquakes in more than ten decades
in March 2011. 9 MW earthquake hit the pacific coast of east of Japan. Serious
damages are recorded in infrastructures in the Tohoku district, and the failure of the
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Fig. 7 See wall collapse in Yoshihama [33]

geotechnical-earth structure (i.e., the coastal protection structures) are distinguish-
able. Extensive field surveys are performed in the Yoshihama and Okirai areas of
Ofunato district, Iwate. The coastal dike at the mouth of the Yoshihama River (i.e.,
the see wall) was completely destroyed across a large wide due to the earthquake and
Tsunami that resulted, with a total collapse of concrete slabs and concrete blocks
(Fig. 7a). The sea wall has shifted bymore than 30m in some places (Fig. 7b). Unlike
several other sea walls weakened by the Tsunami in the Tohoku region’s coastal area,
the damage to this sea wall in Yoshihama was not caused by scouring or erosion [33].

8 Conclusions

The paper presents the basic principles for studying the Tsunami phenomenon and
its interaction with coastal structures and its causes. The conclusions are:

• Several factors contribute to the generation of Tsunami waves, which include
earthquakes, landslides, and volcanic.

• Climate change and global warming are causing sea level water-raising, which
may cause the flooding of coastal cities and Tsunami threatening.

• Tsunami propagation, inundation, and interaction with the coastal structure are
well understood, but it is not easy to calculate. Previous researchers developed
experimental and theoretical methods to simulate different scenarios of tsunami
waves and their effect on the structures with other methods.

• The importance of the study of tsunami wave simulation is to understand the
reasons that led to causing Tsunami and its influence on the coastal cities and
thus to identify the necessary treatment that is compatible with the hydraulic
requirements to prevent the recurrence of failure, also that to design structures
that resist these waves.
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The Scale Effects on the Shear Strength
Behavior of Silty Sand Soil in Direct
Shear Tests

Omar H. Al-Emami and Ammar A. Al-Sultan

Abstract The direct shear test is widely used in geomechanics investigation to
obtain the shear strength properties of soils. The simplicity and repeatability of the
results presented by this apparatus have kept the direct shear tests in use formore than
60 years. An effort has been made to study the effect of two various sizes of the shear
box (60 × 60 and 300 × 300 mm) on the shear strength characteristics of silty sand
soil used in this research and to evaluate the effect of test condition (saturated andwet
conditions) on the experimental results of this test. The disturbed samples are almost
prepared at an initial water content of (8 ± 1%) and two different initial dry unit
weights (1.662 and 1.330 Mg/m3). The results from two apparatuses appear that the
internal angle of friction obtained from small shear box is higher (1–2°) compared to
the big shear box. Also, the samples sheared under unsaturated conditions exhibited
higher shear strength corresponding to those tested under saturated conditions. The
results indicate that an increasing the specimen density caused an increase in the
maximum shear strength in each of two shear box sizes.

Keywords Scale effects · Direct shear · Peak shear strength · Silty sand ·
Density · Test condition

1 Introduction

In geotechnical engineering, it is well known that the values of shear strength param-
eters, angle of friction, and cohesion are adopted to solve many tasks in the construc-
tion field, such as retaining walls, pile foundations, and shallow footings. There are
two kinds of tests to obtain those parameters laboratory tests and in-situ testing.
One of the common tests used in the study of shear strength characteristics is the
direct shear experiments, as it is simple and gives reliable results. In the middle of
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the last century, the shear strength behavior’s sample size effects have been inves-
tigated experimentally by Parsons [1]. The author performed a series of different
sizes of shear boxes (60 × 60 mm, 120 × 100 mm, and 120 × 200 mm) direct
shear tests on crushed quartz and Ottawa clean uniform sandy soil. The laboratory
results revealed that the friction angle slightly decreased with increasing the shear
cell dimensions. It was shown that the friction angle of Ottawa sand ranged from
28.5˚ to 31.0˚ and the friction angle resulted from testing the crushed quartz ranged
from 30.7˚ to 31.5˚. Cerato et al. [2] examined the scale effects of three-square shear
boxes (60 mm, 101.6 mm, and 304.8 mm) on the shearing behavior of five sands
with different relative densities (loose, medium, and dense). The authors indicated a
noticeable dependency of friction angle on the sample size, and the effect of sample
dimensions is also a function of the sand type and relative density. A similar trend
of behavior was observed by other researchers, such as [3–5]. Recently, Shakri et al.
[6] performed a series of direct shear tests of two shear box sizes (60 × 60 mm and
300 × 300 mm) on modified sand-column (PFA-sand mixture) and soft soil.

Their test results revealed that as the shear cell’s dimensions increased, a decrease
in the shear strength was observed. Conversely, Palmeira and Milligan [5] reported
no significant difference in frictional angle with the increasing the size of the shear
box. The authors obtained their results by performing several laboratory tests on
dense Leighton Buzzard Sand using three different shear boxes (small, medium, and
large). In the current study, in continuation of previous research, soil specimens with
two densities were adopted and tested under saturated and unsaturated conditions to
examine the effect of two various shear box sizes (60 × 60 mm and 300 × 300 mm)
on the shear strength of silty sand soil. It is noteworthy to mention here that the term
"unsaturated condition" used in this study indicates that the soil samples tested in
the direct shear apparatus under two stages consolidation and shearing (i.e. without
saturation stage).

2 Experimental Program

Direct shear apparatus. Consolidated-drained direct shear experiments were
performed on silty sand soil samples based on the ASTM D3080 (2011) [7].
According to this specification, several requirements related to the ratio of particle
dimensions to the box dimensions should be considered when preparing samples
for testing. It is recommended that the minimum specimen width should not be less
than 10 times the maximum particle-size diameter, and the minimum initial spec-
imen thickness should not be less than 6 times the maximum particle diameter. In
addition, the ratio of minimum specimen width to thickness is required to be 2 [2, 8].
Two types of direct shear apparatus were taken for this research, as shown in Fig. 1.
The first apparatus has a square shear box having dimensions 60 × 60 × 20 mm.
The normal load is applied on the tested samples using a lever arm frame. The small-
sized shear box apparatus is equippedwith two displacement transducers to gauge the
horizontal displacement and vertical deformation and load cell for horizontal shear
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Fig. 1 Direct shear test apparatus: a small shear box, b large-shear box

force measurement. The second apparatus has a square cross-section of 300 mm
by 300 mm and a thickness of 140 mm. In this apparatus, the vertical pressure for
consolidating the sample is applied and controlled by an automatically closed-loop
hydraulic system. The soil samples were tested under four vertical stress values (50,
100, 200, and 400 kPa). Whereas, in the large-dimensioned shear box, tests were
done under three different normal stresses (100, 200, and 400 kPa). For each shear
box size, the samples were subjected to saturated and unsaturated conditions for the
selected dry density.

.
Properties of the Tested Material.
The soil used for the experimental investigations in this research is classified as

Silty sand (SM) based on the Unified Soil Classification System (USCS). The soil
was collected from a depth ranging from 16.5–25 m below the natural ground level.
The particle size distribution of the tested material is presented in Fig. 2. The soil
consists of 0.6% gravel, 77.3% sand, 20.1% silt, and 2% clay. The mean particle
size (D50 = 0.23 mm) and specific gravity (Gs = 2.67) were determined from the
sieve analysis and particle density tests. In addition, the used material was found
non-plastic. The laboratory compaction characteristics of the silty sand samples,
maximum dry unit weight (1.629 Mg/m3), and optimum moisture content (11.25%)
were measured following ASTM standard procedure D1557-09 [9].

Sample Preparation and Testing Procedure. All direct shear samples were
prepared at an initial water content of 8 ± 1%. In small and large sizes of shear
boxes, the required amount of soil mixture to achieve the targeted dry unit weight
(i.e., 1.662 and 1.330 Mg/m3) is compacted inside the shear box in four layers. After
completing the compaction, the samples were allowed to soak water for 24 h for
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Fig. 2 Particle size distribution curve for the tested soil

saturated tests. A pre-calculated vertical load corresponding to the targeted vertical
stress was applied during the consolidation stage. After attaining the consolidation,
the tested specimen was subjected to constant vertical stress and constant horizontal
shear rate. Considering the previous studies, the saturated samples were sheared
at a constant rate of shear displacement of 0.04 mm/min. In contrast, the samples
conducted under unsaturated conditions were directly consolidated after completing
the compaction process and then sheared at 0.0095 mm/min shear rate displacement.

3 Results and Discussion

Effect of the shear cell dimensions on the shearing behavior. Typical direct shear
exam results are best showed through the plots of shear strength versus horizontal
displacement. Figures 3 and 4 show these relationships for silty sand samples having
an initial dry unit weight of 1.662 and 1.330 Mg/m3 and tested in two different shear
box sizes under saturated conditions. Generally, at any given value of soil density, the
shear strength increased with increasing the level of applied vertical stress. However,
at any stress level, the denser samples showed higher shear strength than the looser
samples. A similar trend of behavior has been reported by previous researchers
[e.g., 1, 10, 11]. The shear strength plots presented in Figs. 3 and 4 revealed two
differentiated patterns: strain-softening pattern (peak pattern) and strain-hardening
pattern (non-peak pattern). Denser samples (ρdmax = 1.662 Mg/m3) exhibited peak
patterns,whereas looser samples (ρdmax =1.330Mg/m3) exhibited non-peakpatterns.
Also, the horizontal displacement corresponding to the peak and/or maximum shear
strength increased with increasing applied vertical stress, as shown in Table 1.

Similar to saturated tests, the results of soil samples tested under unsaturated
conditions showed a similar trend of behavior, in the sense that the shear strength
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Fig. 3 Shear strength versus horizontal displacement for dense and loose samples tested in a
small-sized box and b large-sized box under saturated condition
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Fig. 4 Shear strength versus horizontal displacement for dense and loose specimens tested in a
small-sized box and b large-sized box under unsaturated condition

increasedwith increasing the level of applied stresses. From the observation of Figs. 3
and 4, the obtained shear strength of samples tested under constant water content is
distinctly more significant than those obtained from saturated samples and all levels
of vertical stress. The latter phenomenon is attributed to the fact that the meniscus
around particle contact points tends to attract the particle together, which causes
the increase of soil skeleton stiffness resulting in greater resistance during shearing,
and consequently, the shear strength is increased [6, 11, 12]. For dense samples, a
noticeable strain-softening behavior was observed after the peak shear strength (peak
pattern). In contrast, looser samples exhibited non-peak patterns (little to no strain
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Table 1 Values of horizontal displacement corresponding to the peak/maximum shear strength for
samples with different densities tested under (saturated and unsaturated) conditions

Test condition Shear
box
sizes,
(mm)

Vertical
stress, σ
(kPa)

ρdry = 1.662
(Mg/m3)

ρdry = 1.330
(Mg/m3)

Horizontal dis. at peak
shear strength, δh
(mm)

τpeak/maximum
(kPa)

τpeak/maximum
(kPa)

ρdry =
1.662
(Mg/m3)

ρdry =
1.330
(Mg/m3)

Saturated 60 × 60 50 43.18 27.23 3.36 3.11

100 61.31 38.86 3.61 4.35

200 128.17 98.70 4.84 5.09

400 240.48 187.58 5.58 5.58

300 ×
300

100 59.07 41.05 20.04 14.04

200 122.22 91.83 23.43 21.76

400 233.73 182.65 25.98 25.15

Unsaturated 60 × 60 50 52.81 38.24 1.63 2.98

100 77.49 52.48 1.91 3.61

200 160.60 117.02 4.10 4.84

400 276.29 220.36 6.08 5.83

300 ×
300

100 74.31 52.05 21.76 13.26

200 156.40 118.16 25.15 20.92

400 277.92 217.29 28.53 23.43

hardening–softening behavior). Figure 3 that the different patterns of behavior in
the post-peak shear strength region indicate that the soil suction is less significant,
whereas the soil suction contributes clearly to the peak shear strength. This behavior
agrees with that found by [10, 13, 14].

Examining Table 1 closely, it can be seen that the peak and/or maximum shear
strength of the tested samples slightly decreased (2–8 kPa) as the size of the shear box
increase. This behavior is consistent with many previous researchers’ observations
[e.g., 5, 11, 15]. Wu et al. [15] attributed the decrease in the peak shear strength of
the dense Toyoura sandy soil with an increase in the ratio L/D50 to two reasons: (i) a
decrease in the influence ofmechanical boundary restraint on the free development of
the shear band, and (b) increasing in the effect of the gradual failure with an increase
in length specimen of relative to the size of the sand particles. Figures 3 and 4, in
conjunction with Table 1 revealed that the horizontal displacement corresponding to
the peak and/or maximum shear strength is not consistent for the two shear box sizes.
Hence, the comparison between the results is difficult. The shear strength is plotted
against relative lateral strain (horizontal displacement/shear box length) instead of
horizontal displacement to overcome this problem.

Figures 5 and 6 show that the same results shown in Figs. 3 and 4 are redrawn but
plotting the x-axis as a relative lateral strain. The results showed that the peak and/or
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Fig. 5 Comparison of the shear strength curves using two different shear box sizes under saturated
condition a dense samples and b loose samples
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Fig. 6 Comparing the shear strength curves using two different shear box sizes under unsaturated
conditions a dense samples and b loose samples

maximum shear strength achieved approximately similar relative lateral strain. In
addition, the peak/maximum shear strength slightly decreased as the size of the shear
box increased (Table 1). This trend was mostly observed for all the tested samples
performed under saturated and unsaturated conditions. The researchers [e.g., 3, 8]
attributed this behavior to the different heights of samples that influence the vertical
stress distribution of the sample shear plane, caused by the moment of shear force
applied to the upper half of the shear box, which is transferred to the specimen.
The researchers have found that the thickness of the specimen and the shear box’s
adequate length is necessary to consider to allow fully generation of the shear zone.
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Fig. 7 Influence of shear box size on the average of normalized shear strength for saturated and
unsaturated silty sand samples

The average values of the normalized peak and/or maximum shear strength
(τpeak/maximum/σv) of the tested samples are plotted against the shear box’s width,
as shown in Fig. 7. Test results of saturated and unsaturated samples presented in
this figure showed that the shear box’s size influences the values of (τpeak/maximum/σv),
which is generally decreased with increasing the specimen’s length. This agrees with
the observations obtained by other researchers [5, 15, 16]. The authors attributed this
behavior to the matter that the shear region in a small-sized shear box may not
be fully developed, leading to a higher angle of friction. Moreover, Fig. 6 reveals a
noticeable correlation between (τpeak/maximum/σv) and the initial dry unit weight of the
tested material. For both saturated and unsaturated test conditions, denser samples
appeared greater (τpeak/maximum/σv) than looser samples.

Effect of the Shear Cell Dimensions on Shear Strength Parameters. Plots of
peak and/or maximum shear strength versus vertical stress corresponding to failure
for dense and loose samples performed under saturated and unsaturated conditions
are shown in Figs. 8 and 9, respectively. These figures showed clearly that the shear
strength envelopes showed good linearity over the vertical stress range of 50 to
400 kPa. It can be seen from these figures, as expected, that the shear strength
envelopes shifted upward with increasing the initial dry unit weight of the tested
samples. The soil shear strength parameters are calculated from Figs. 8 and 9 and
tabulated in Table 2. Also, the shear envelopes’ R-square values are indicated in
this table to verify the linearity of the relations. A very little scattering was noticed
regarding the R-square values of the first order failure envelope lines of different void
ratios samples for soil and interfaces, ranging from 0.9937 to 0.9992. This can be
attributed to many factors, such as the accuracy adopted during the tested samples’
preparation method and performing the laboratory tests under controlled conditions
to some extent.
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Fig. 8 Failure envelopes
corresponding to different
unit weights under saturated
conditions
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Fig. 9 Failure envelopes
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unit weights under
unsaturated conditions
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Figure 8 and Table 2 indicate that the friction angle, φ′ slightly decreases (1.5°)
with the increase of the shear box size. The test results were found to agree with other
researchers’ findings [e.g., 1–3]. Also, it can be noted that only the failure envelopes
of the dense samples tested under saturated conditions passed a little above the point
of origin on the abscissa. Similar trends have been reported by Yokoi [17] after
studying the relationship between shear strength and soil cohesion of Kibushi and
Kashima soils. The author attributed this behavior to thematter that the absolute value
of soil cohesion cannot be evaluated owing to the effective angle of extreme edge;
soil cohesion measured by the metal-wedge method is closely related to the applied
initial stress. Hence, it is probable that soil cohesion acts as compressive stress to
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Table 2 Shear strength parameters of samples with different densities tested under (saturated and
unsaturated) conditions

Shear box sizes (mm) Initial density, γdry
(kN/m3)

Test condition φ′
(Degree)

c′
(kPa)

R2

60 × 60 16.62 Saturated 32.5 7.5 0.9972

13.30 28.0 0.0 0.9937

300 × 300 16.62 Saturated 31.0 5.5 0.9990

13.30 26.5 0.0 0.9992

60 × 60 16.62 Unsaturated 36.5 21.0 0.9940

13.30 31.0 4.5 0.9955

300 × 300 16.62 Unsaturated 36.0 16.0 0.9938

13.30 29.0 3.0 0.9943

the corresponding shear cohesion. In addition, it is found that the cohesionless soils
under saturated conditions have little soil cohesion.

Similar to saturated tests, at any dry unit weight used in this study, the value of
φ′ obtained from unsaturated samples exhibits decrease (0.5° to 2°) with increasing
the size of the shear box. The test results presented in Fig. 9 and Table 2 showed that
the soil suction mainly influences the shear strength parameters. More specifically,
the values of soil cohesion, c′ presented in Table 2 of the dense samples increased by
twofold when performed at the unsaturated condition compared to those tested under
saturated condition. Likewise, a slight increase in the value of effective cohesion
was observed for loose samples. It can also be noticed from Table 2 that there is a
noticeable dependency of the effective friction angle on the test conditions (saturated
or unsaturated). Similar to c′, the friction angle values obtained from unsaturated
samples are higher than saturated samples, as expected. These results match those
observed in studies [e.g., 5, 10, 13, 14].

4 Conclusions

A laboratory testing program was designed to examine the sample size effect on the
shearing behavior of silty sand soil with different initial dry unit weights and test
conditions. The samples were tested in a large-sized (300× 300mm) and small-sized
(60× 60mm) direct shear apparatus. Tests results presented in this research revealed
the followings:

1. Based on the results, soil suction plays a considerable influencing role in
increasing the tested samples’ shear strength. However, this role is less
significant beyond the peak and/or maximum shear strength.

2. The test results obtained from two different shear box sizes appeared that there
is no remarkable difference in shear strength’s measured values (2–8 kPa). Also,
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the effect of samples size and the dry unit weight on the residual shear strength
of the samples can be considered insignificant.

3. The angle friction angle values obtained from the small-sized shear box are
slightly higher (1° to 2°) than those obtained from the large-sized shear box.
The decrease in the friction angle increased with decreasing the initial dry unity
weight of the tested samples.

4. The soil cohesion of dense samples performed under saturated conditions
slightly reduces with increasing the shear box size. Simultaneously, an increase
in sample size had a negligible effect on the soil cohesion of loose samples.
Similarly, all large samples tested under unsaturated conditions showed a lower
value of apparent cohesion than small samples.

5. Test results of saturated and unsaturated samples exhibited that the shear box’s
size influences the average values of the normalized peak and/or maximum
shear strength (τpeak/maximum/σv), which is generally decreased with increasing
the length of the samples. Also, denser samples appeared greater values of
(τpeak/maximum/σv) compared with looser samples.
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Tunnel-Soil-Structure Interaction Under
Seismic Load

Zaid F. Al-Farhan, Moataz A. Al-Obaydi, and Qutayba N. Al-Saffar

Abstract The soil-structure interaction is significant in analyzing and designing
structures, especially the high-rise buildings under dynamic loads. In many cities,
there are tunnels under the buildings. Therefore, this study took into account the
interaction between the tunnel, structure, and the soil. This interaction is valued on
the behavior of a high-rise building consisting of 15 floors that are exposed to an
earthquake underneath by a tunnel of 10 m diameter (D). Several parameters have
been considered using numerical analysis using PLAXIS 2D software, comprising
the horizontal distance (X) between the tunnel and the center of the building as
ratios (X/D = 0, 1, 2, 3, and 4), as well as the effect of the vertical distance (H)
between the foundation base and the crown of the tunnel as ratios (H/D = 1, 2, 3
and 4). Results showed a significant influence on the interaction between the tunnel,
soil, and structure. The horizontal displacement of the building increased under the
seismic load when the axis of the building coincided with the tunnel (X/D = 0), and
the maximum displacement was obtained at a distance (X/D = 1). The horizontal
displacement decreased with the increase in the horizontal distance. Besides, the
Inter-story drift increased more than 1.5% at a distance (X/D = 0), meaning that
the building began to collapse, and the effect of the tunnel decreased as it became
away from the building. The differential settlement increasedwith the presence of the
tunnel, reaching the highest increase by 240% at (X/D = 1). On the other hand, the
influence of tunnel depth showed through an increase in the horizontal displacement
and the inter-story drift when the tunnel is shallow (H/D = 1 and 2). The differential
settlement increased by 200% at (H/D = 1) and decreased with increasing the depth
of the tunnel. The effect of the tunnel disappeared at a depth greater than 4D.
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1 Introduction

Urban growth is continuously increasing leads to a lack of places and transportation
facilities. Therefore, it is a need for high-rise buildings to exploit areas and the
underground facilities. This crowding in different structures creates the interaction
between them and how others influence each one, especially under dynamic load.
The construction of a tunnel can be a significant influence factor to the damage of
surfaces building. For example, Dublin Port Tunnel created 334 claims of building
damage like cracks and damage of windows [1]. The active seismicity zones should
also pay attention to the seismic performance of both the ground and underground
surfaces in design. This performance is impacted by the dynamic interaction between
superstructure and underground within the soil, i.e., the impact of a tunnel on the
soil-structure interaction.

For many years, the underground tunnels were thought to be safe constructions
from the impact of earthquakes. Recently, many failures have been reported in this
type of construction under the influence of earthquakes [2–4], especially in the
shallow tunnels which are near the ground surface. Also, the researchers noted that
the failure and destruction of the superstructures occurred due to the influence of
the earthquake as a result of the wave’s amplification when it reaches the surface.
In this regard, several studies have been made [5–12], all stated that soil-structure
interaction could increase the lateral deformation and inter-story drifts of the struc-
ture, which imposing the structure to behave in the range of inelastic and leading to
damage of the structure. The effect of a circular tunnel on structures was investigated
analytically, and it was found that the presence of the tunnel changes the acceleration
reaching the surface of the earth [13–15]. The soil and structure response due to the
presence of the tunnel in different locations under the structure is found through the
change in the acceleration due to variation in the earthquake frequency [16, 17].

Stefania [18] studied the effect of underground openings on the amplification
of the ground motion on the free surface of a hilly area. The presence of many
shallow openings affects the amplification of the ground and, therefore, cannot be
omitted.Rostami [19] examined the changes in seismic velocity at the ground surface,
Fourier spectrum, and structural response spectrum by excavating a circular tunnel.
The excavated shallow tunnel caused a change in the recording of the profile of
the earthquake. With the aid of laboratory and numerical models, Baziar et al. [20]
found that constructing a rectangular tunnel increased the maximum earthquake
accelerationmore than the situation without the tunnel. Sun andWang [21] examined
the acceleration of the ground surface of the free-field conditions in the existence of
underground structures. The results indicated that the underground structures have a
significant effect on the response spectrum and PGA.Hamed andReza [22] examined
the impact of the existing tunnel numerically with different system frequencies on
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the ground surface’s acceleration. Rostami [23] studied the effect of tunneling with
the excavation stages (neglecting the concrete membrane of the tunnel) and at several
distances and depths on a steel structure and a certain soil.

All the previous studies focused on the effect of tunnel on the change of acceler-
ation and the change of the earth’s surface response to an earthquake, ignoring the
presence of structure. Few studies have investigated the coupled interaction between
tunnel and structure with soil under seismic load. In this study, the direct method
was adopted to simulate the Tunnel-Soil-Structure model with the aid of PLAXIS 2D
software. This code can simulate the complexity of geometry and coupled interaction
between Tunnel-Soil-Structure under the dynamic load.

2 Methodology and Numerical Model

There are two methods to study the behavior of the coupled soil-structure interaction
that direct and indirect methods [24]. In this study, the direct method has been used
to simulate the whole soil, structure, and tunnel (Fig. 1). The PLAXIS 2D software
based on the finite element method was used to model the Tunnel-Soil-Structure-
Interaction (TSSI) systems to analyze complex geometric equations and boundary
conditions.

Numerical Model. Two-dimensional plane strain dynamic finite element has been
carried out with domain dimensions of 140 × 70 m, as shown in Fig. 2. It was
considered the recommendation is given by Al-Rayhani and Naggar [25] on the
minimum horizontal limits and depth of the bedrock, take into account the condition
of the present study. The soil media simulated using a 15-node triangle element. All

Fig. 1 Component of Soil-Tunnel-Structure Model
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Fig. 2 Meshed model with geometry dimension of system by PLAXIS 2D

structure and lining elements simulated as a 5-node plate element with three degrees
of freedom per node. For the earthquake analysis problem, a free-field boundary at
vertical sides considered consists of two dashpots in the normal and shear direction.
The compliant base boundary has been used at the bedrock [26]. The contact zone
between the foundation and soil as well as the zone between the tunnel and soil are
simulated by interface elements (Fig. 1). The interface shear strength between soil
and foundation defined by Mohr–Coulomb failure criteria.

Soil Strata. The soil media proposed in the numerical model is clayey soil with
properties presented in Table 1. The dynamic properties of soil have been modeled
by using Hardening soil with a small-strain stiffness model, which considers the
stiffness reduction curve.

Structural Element Properties. The structural model proposed in this study is a
reinforced concrete buildingwith a raft foundation of 1.48m thicknesswere designed
by Tabatabaiefar [11]. The proposed RC building consists of 15 floors, each floor
3 m height with a total building height of 45 m and 3 bays. Each bay width is 4 m
with the section properties presented in Table 2. The density, compressive strength,
and modulus of elasticity of concrete are 25 kN/m3, 25 MPa, and 28,600 MPa,
respectively. The diameter of the proposed tunnel is 10 m with a shotcrete lining of
a thickness of 250 mm. The elastic modulus of lining is Ec is 10 × 103 MPa, and the
Poisson’s ratio is 0.2.

EarthquakeMotion. EL-Centro 1940 earthquake has been chosen for analysis. The
magnitude of the earthquake was 6.9 on the Richter scale. The peak ground acceler-
ation (PGA) of this earthquake is 0.4 g with a maximum frequency of 1.5 Hz from
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Table 1 Engineering properties of soil stratum

Parameter Symbol Unit Clay

Material model model – HS small

Type – – Drained

Unsaturated unit weight γunsat kN/m3 16

Saturated unit weight γsat kN/m3 20

Secant stiffness in standard drained triaxial test Eref
50 kN/m2 2.0E4

Tangent stiffness for primary odometer loading Eref
oed kN/m2 2.561E4

Unloading/reloading stiffness Eref
ur kN/m2 9.484E4

Power for stress-level dependency of stiffness m – 0.5

Effective cohesion c
′
ref kN/m2 10

Effective angle of internal friction ϕ′ ◦ 18

Angle of dilatancy ψ ◦ 0

Shear strain at which Gs = 0.722G0 γ0.7 – 1.2E-04

Shear modulus at very small strain Gref
0 kN/m2 2.7E5

Poisson’s ratio for unloading–reloading v
′
ur – 0.2

Shear wave velocity Vs m/s 410

Table 2 Section details of the building

Reference name code Floor Columns Beams Raft foundation

S15 1–3 EA EI EA EI EA EI

9.0E6 2.3E5 6.0 E6 1.0E5 18.1E7 3.3E7

4–7 7.5E6 1.6E5 4.8E6 0.6E5

8–11 6.0E6 1.0E5 3.6E6 0.37E5

12–15 4.8E6 0.6E5 2.7E6 0.2E5

the Fourier amplitude spectrum curve. The earthquake was simulated by horizontal
prescribed displacement at the bedrock at depth 70 m from the surface.

Dynamic Analysis. Two stages of analyses have been conducted, the static analysis
stage and the completely nonlinear time history analysis stage (dynamic) under the
EL-Centro earthquake. It should be noted that the mesh was automatic generation
based on a triangulation method. The dimension of the triangular elements needs to
be controlled, and the mesh refinement allows to get a specific value for the average
length of the element side.Kuhlmeyer andLysmer [27] recommended an average size
of the element should be less than or equal to one-eighth of the wavelength related to
the maximum frequency component fmax of the select wave (i.e. the palpable energy
associated with the highest frequency component).

Parametric Study. To investigate the effect of the tunnel on soil-structure-interaction
(TSSI), different horizontal distances of the tunnel from the center of the building
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were studied. Moreover, the existence of the tunnel at different depths from the
ground surface was also studied individually. The horizontal distances (X) are 0, 10,
20, 30, and 40 m from the center axis of the building to the center of the tunnel.
These distances are taken as a ratio to the tunnel (D) diameter and refer to as X/D
= 0, 1, 2, 3, and 4, respectively. Different models for various tunnel depths (H) are
conducted at 10, 20, 30, and 40 m depth from the base of the foundation and refer to
H/D= 1, 2, 3, and 4, respectively. In the modeling, a complete nonlinear time history
analysis was adopted to assess the response of the reinforced concrete building due to
Tunnel-Soil-Structure-Interaction. The building response and foundation concerning
the horizontal displacement, inter-story drift, and differential settlement of the foun-
dation have been studied. Nine models have been conducted (4 depth modes and
5 horizontal modes) to investigate the Tunnel-Soil-Structure-Interaction. The drift
amount is calculated according to the standard formula (1) [28]:

Drift = (di+1 − di)/h (1)

which di+1 is the floor displacement in the (i + 1) floor and di is the floor
displacement in the (i) floor and h is the floor height.

3 Results and Discussion

Variation of Tunnels’ Location Horizontally. The effect of moving the tunnel
horizontally away from the center of the building at different distances (X/D= 0, 1, 2,
3, and 4) shown inFig. 3. The presence of a tunnel has a direct impact on the horizontal
displacement of the building. It can be shown that when the tunnel is not present,
the horizontal displacement is 490 mm at the uppermost of the building. When the
tunnel is located at the center of the building axis (X/D = 0), the displacement
increased to 550 mm. Further, increase the horizontal displacement of the building
to the maximum value of 610 mm when the tunnel is located at 10 m away from the
center of the building axis (X/D = 1). Thereafter, the displacement decreases with
the increase in the distance between the tunnel and the axis of the building. At a
distance of 40 m (X/D= 4), the presence of the tunnel is no longer affect. Therefore,
the maximummagnification of the amplitude of the seismic waves when the tunnel is
located at 10 m away from the building axis, i.e., under the corner of the foundation
directly, produced a 25% increase in the horizontal displacement.

Figure 4 shows the variation in the inter-story drift with the floor number. It was
found that the existence of a tunnel has a pronounced effect on the inter-story drift
of the building. The maximum increase in the inter-story drift was obtained when
the axis of both tunnel and building coincided (X/D = 0). When the tunnel present
at (X/D = 0), the inter-story drift increased from 1.5 to 1.75%, while it is increased
from 1.5 to 1.7%. When the tunnel away 10 m from the center axis of the building
(X/D = 1). Beyond the horizontal distance (X/D > 1), the floors show the same
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Fig. 3 Horizontal displacement of the building set on clayey soil with the horizontal location of
the tunnel

0 0.2 0.4 0.6 0.8 1 1.2 1.4 1.6 1.8

1
2
3
4
5
6
7
8
9

10
11
12
13
14
15

Inter-Story Dri  (%)

Fl
oo

r n
um

be
r

No Tunnel
X/D=0
X/D=1
X/D=2
X/D=3
X/D=4

Fig. 4 Inter-storey drift of the building set on clayey soil with horizontal location of the tunnel

inter-story with and without the presence of a tunnel. The inter-story drift in design
limitation is 1.5% [28]. Hence, it is concluded that the presence of tunnel at (X/D
= 0 and 1) alters the performance level of building from safe to about the collapse
level, which should consider designing the structures.
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Fig. 5 Differential settlement of foundation set on clayey soil with the horizontal location of the
tunnel

The differential settlement of the raft foundation under the dynamic load is
presented in Fig. 5. The presence of a tunnel influences the dynamic differential
settlement of the foundation. It can be detected that when the tunnel located at
the center axis of the building resulted in an increase in the differential settlement
compared to without tunnel by about 3 times from 25 to 75 mm and reach to it is
the maximum value of 85 mm at a distance of (X/D = 1). Thereafter, the effect of
the tunnel decreased as the tunnel moves away from the building. It is noted that at
a distance (X/D = 3), the differential settlement decreased to 15 mm, which is more
support to the building. It can be concluded that the maximum increase in differential
settlement due to the existence of the tunnel is 240%. This means that the presence
of the tunnel amplifies the seismic wave, and the maximum magnification occurs
when the tunnel is located at a distance (X/D = 1), i.e., away 10 m from the axis of
the building.

Variation of Tunnels’ Location Vertically. The variation in the horizontal displace-
ment with the floor number of the building is shown in Fig. 6. The depth of the tunnel
varies from a shallow tunnel to a deep tunnel. Generally, the displacement decreases
with an increase in the tunnel depth, and the tunnel effect vanished at a depth more
than 4D (H/D = 4). When the shallow tunnel at (X/D = 0), the horizontal displace-
ment of the building increased from 490 to 550 mm. However, unexpected behavior
was recorded at a depth (H/D = 3) where the horizontal displacement was 440 mm,
which is lower than the horizontal displacement recorded for the case without a
tunnel.

Moreover, in the tunnel at a shallow depth at (X/D = 0), the inter-story drift
increased to 1.75% compared to the case without a tunnel, which recorded 1.5%
as shown in Fig. 7. Then, the inter-story drift decreased to 1.55% at (H/D = 2). It
drops to less than 1.3% at a tunnel depth ratio (H/D = 3) due to the de-amplification
phenomenon, which means more support for the system. The effect of the existence
of the tunnel vanished at deeper depth (H/D > 3).
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Figure 8 shows the variation of the differential settlement of the raft foundation
with the depth of the tunnel under the dynamic load. As mentioned previously at
(X/D = 0), the differential settlement of the foundation increased from 25 to 75 mm
when the tunnel was located at a depth (H/D = 1). It was found that the differential
settlement tends to decreased gradually with an increase in the depth of tunnel to
reached 15 mm at (H/D = 3), which is lower than those recorded without tunnels.
Depth deeper than 3D, the differential settlement increased to get a recorded value
without the tunnel, i.e., the effect of tunnel vanished at (H/D≥ 4). It can be concluded
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Fig. 8 Differential settlement of foundation set on clayey soil with the vertical location of the
tunnel

that the existence of the tunnel amplified the motion that reaches the foundation at
shallow depth while de-amplification occurs at the deeper tunnel.

4 Conclusion

The following conclusions can be stated from the results of the present study:

• The presence of tunnel under surface structures directly impacts the soil-structure
interaction and, therefore, affects the structure’s response.

• Increase the horizontal displacement of the building under seismic load when the
tunnel present under the axis of the building (X/D = 0) and reach the peak value
when the tunnel at (X/D = 1), then the effect decreased and vanished with (X/D)
increased.

• The inter-story drift of the building increased to more than 1.5%with the presence
of tunnel at (X/D) equal to 0 and 1, which is meant the building starts to collapse
under seismic load, then the effect vanishes with increased (X/D).

• The horizontal displacement and inter-story drift of the building increased with
the presence of tunnel at depths (H/D = 1 and 2), then decreased when the tunnel
at depth (H/D = 3), and it is effect vanished with a deeper tunnel (H/D > 4).

• The differential settlement increased significantly with the presence of tunnel at
(X/D = 1), and the rate of increase is 240% over that without a tunnel, which is
probably of collapse.

• The differential settlement of the foundation increased by 200% when the tunnel
at (H/D = 1), then decreased gradually to values less than without tunnel at (H/D
= 3). The effect of the tunnel vanished with increasing the tunnel’s depth to more
than 4D.
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Effect of Microbial Induced Calcite
Precipitation on Shear Strength
of Gypseous Soil in Dry and Soaking
Conditions

Alaa D. Salman, Mahdi O. Karkush, and Hussein H. Karim

Abstract The gypseous soils have complex and irregular behavior and are found
predominantly in dry and semi-dry areas of the world; when gypseous soils are
wet, they collapse suddenly. This study presents an experimental investigation for
using the bacterial calcium carbonate precipitation in improving the shear strength
of gypseous soils. Tests were carried out on two gypseous soils collected from two
different sites in Iraq, Al-Najaf city (42% gypsum content) and Al-Samawa city
(54% gypsum content). Also, two ratios of bacterial solution (4 and 8%) are used to
improve the cohesion and internal friction angle of the studied soils. These percent-
ages were measured according to the dry weight of soil samples. Also, the shear
strength parameters were carried out upon dry and soaking conditions. For injecting
a bacterial solution into gypseous soil samples, a special injection device was devel-
oped by gravity fed to the samples and treated for four days. The precipitation of
calcite causes a significant increase in the angle of internal friction and cohesion of
gypseous soils by increasing the ratio of injected bacterial solution in both dry and
soaking conditions.

Keywords Gypseous soil · Calcite precipitation · MICP · Soaking · S.
Porosarcina Pasteurii

1 Introduction

Any soil that suffers volume changes uponwetting due to the radical rearrangement of
soil particles without a change in loading is known as collapsible soil [1, 2]. Gypsum,
also known as hydrated calcium sulfate, is a mineral salt with the chemical formula
gypsum (CaSO4.2H2O). In dry conditions, the gypseous soil is solid, butwhen soaked
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or saturated by water, it loses its strength, causing collapse and compressibility of the
soil structure.Wetting or soaking gypseous soils allows the calcite silicate cementing
the soil particles to dissolve, reducing the soil particles’ bonds [3].Microbial induced
calcite precipitation (MICP) has gained popularity as a field improvement technique
in past years. It is presented as a modern and environmentally friendly treatment [4,
5]. MICP has a benefit over conventional chemical treatments, which can be toxic
and harmful to the environment and have a short injection distance [6].

In contrast to chemical treatments, the MICP approach is also cost-effective [7].
The microbial-induced calcite precipitation technique has been shown to be very
effective in increasing the shear intensity and decreasing sandy and gravelly soil
permeability in various studies [8–10]. In sandy soil, scaled-up experiments were
also carried out with high specificity [8]. The main role of bacteria in the calcite
precipitation process has been to create an alkaline environment through various
physiological activities [11, 12]. Bacillus pasteurii bacteriawith a high urease activity
is essential in the precipitation of calcite (CaCO3) [13].

The most common nutrient solutions used to provide the bacteria with the
required nutrients as well as the chemical compounds needed for soil cementation are
NaHCO3, NH4Cl, CaCl2, urea, and nutrient broth (mixture of peptone, yeast extract,
beef extract, and NaCl). Under optimal environmental conditions, B. pasteurii uses
urea as a source of energy,which contains ammonia (NH3) and carbon dioxide (CO2),
and lead to a rise in the pH in the proximal setting Calcite bonds form at particle-
to-particle contacts in the soil matrix, resulting in a cementing effect between soil
particles, as shown in Eq. 1.

Ca2+ + HCO−
3 + OH− → CaCO3 + H2O (1)

Microbially induced calcite precipitation or cementation has been used in various
civil engineering applications, including crack repair in rock and concrete, enhanced
bearing capacity, decreased permeability, increased dilative tendencies, and increased
strain stiffness in the sand. Several previous studies conducted a laboratory analysis
to see how the geomechanical properties of microbial cemented sand are influenced
by rising, dying, and resting cells [7, 14–16]. They used direct shear and California
Bearing Ratio (CBR) tests for sand specimens and observed that the bacterial cells
significantly increased their geomechanical properties. According to an analysis of
sand from CBR specimens treated with growing cells, microbial processes caused
the porous medium to clog. In the present study, the effect of two ratios of bacterial
solution on the shear strength of gypseous soil has been investigated on two types of
soil and in dry and soaking conditions using several standard direct shear tests.

2 Material and Methods

Materials. The soil samples used in this research brought fromAl-Najaf sea, located
10 km to the west of Al-Najaf city and Sawa lake, located 23 km from Al-Samawa
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city. After two days of air drying, the soil samples were carefully grinded to break
down the bulk masses into grains. Tables 1 and 2 show the chemical and physical
properties of natural gypseous soil samples. The particle-size distribution curves
determined using sieve analysis and hydrometer analysis are shown in Fig. 1. The
gypsum contents are established as stated by Al-Mufty and Nashat [17]. According
to such technique, the soils get oven-dried at (45 °C) to make the specimen weight
constant. Then the verification for the specimen weight at (45 °C) gets done. At that
time, the drying for the sample is made by (110 °C) to make the weight constant
along with recording it. The calculation for gypsum contents can be done consistent
with the coming equation:

χ =
[
W45oC −W110oC

W45oC

]
× 4.778 × 100 (2)

where χ = gypsum contents (%), W45°C = the specimen weight by (45ºC), W110°C

= the specimen weight by (110ºC), and 4.778 = inversing rate of molecular weight
of hydrating water to the molecular weight of gypsums.

Bacterial treatment solution preparation. In this research, all Bacillus spp.were
developed in urea nutrient agar. In the presence of water, this enzyme can hydrolyze

Table 1 Chemical properties of the gypseous soils

Property Al-Najaf soil Al-Samawa soil Specification

Total soluble salts
(TSS) (%)

34.1 63 Earth manual E8

SO3 (%) 20 24.5 BS 1377: Part 3: 1990

pH value 6.8 6.5

Organic matter
content (OMC) (%)

2.15 0.45

CaCO3 (%) 4.6 6.0

Cl¯ (mg/L) 0.04 0.09

Gypsum content
(%)

42 54 –

Electrical
conductivity (EC)
(μS/cm)

2.43 2.23 ASTM D1125 (2014)

Exchange sodium
percentage (ESP)
(%)

13 15 –

Cation exchange
capacity (CEC),
meq/100 g

6.54 5.33 ASTM D7503 (2010)

XRD Quartz, Gypsum, and
Dolomite

Gypsum, Quartz
Feldspar, and
Dolomite

–
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Table 2 Physical properties
of the gypseous soils

Property Al-Najaf soil Al-Samawa soil

Specific gravity (Gs) 2.54 2.48

Maximum dry unit
weight (γd,max)

14 kN/m3 13.4 kN/m3

Optimum moisture
content (ωopt)

18% 18%

D10, D30, and D60 0.018, 0.175, and
0.5 mm

0.075, 0.11, and
0.3 mm

Sand (S) 80.0% 90.5%

Silt (M) 17.0% 9.5%

Clay (C) 3.0%

Soil type (USCS) SM SP-SM
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Fig. 1 Particle size distribution curves of soil samples

urea. Table 3 shows detail about the media’s solid and liquid contents. Urea medium
was first developed to create the bacteria solution treatment. As shown in Table 3, the
urea medium solution was constructed by mixing nutrient broth (4 g), urea (25 g),

Table 3 Details of solid and liquid contents of the media and treatment solution

Composition Quantity Agar components Constituents Amount (g)

Agar 15 g Urea medium Nutrient broth powder 4

Peptone 5 g Urea (NH2(CO)NH2) 25

NaCl 5 g NH4Cl 15

Yeast extract 2 g NaHCO3 3

Beef extract 1 g Distilled water 1 L

Urea solution 50 mL Calcium chloride
solution

CaCl2.2H2O 18.5 g CaCl2/100 mL
distilled water



Effect of Microbial Induced Calcite Precipitation on Shear Strength … 107

NH4Cl (15 g), NaHCO3 (3 g), and 500 ml distilled water. The resulting urea medium
solution’s pH was balanced to 6.0 with 5 N HCL before autoclaving, and any solid
ingredient was thoroughly mixed in 500 mL distilled water until fully dissolved.
Then, to reach the final volume needed, purified water was added (1L).

After autoclaving, the pH of the urea medium was determined and found to be
7.0. Aeration was used to boost the pH of the corresponding 1Lof solution from 7.0
to 8.0. As a result, the solution lent itself to bacterial biological activity ultimately.
The 800 ml aerated urea medium was sprayed over the spun B. pasteurii cells, and
the flask was softly agitated to re-suspend the cells. The aerated urea (200 mL) was
then mixed with a 20 mL calcium chloride solution (18.5 g CaCl2/100 mL filtered
water), reducing the pH of the solutions substantially. The previously suspended
bacterial solution was then applied to the urea–calcium chloride solution. Owing
to the combined injection of bacteria and calcium, calcium carbonate precipitates
in the pore fluid, at a flow rate of approximately 20 ml/min and a hydraulic head
of 1 m, 500 ml of a combined solution containing urea, calcium chloride, and B.
pasteurii cells was injected rapidly into the specimens by gravity. After the initial
“biological therapy,” themicrobes were allowed to attach to the soil samples particles
for a duration of 12 h. After 6 h, the specimens were injected with 500 ml urea and
CaCl2 nutrient treatments at the same flow rate. The nutrient treatment process was
then repeated every 6 h for four days.

3 Result and Discussion

Direct Shear Test Results without Treatment. A series of direct shear tests are
used to evaluate the shear strength parameters for natural gypseous soil samples.
The tests were carried out by ASTM D3080 (2003); the soil sample tested in this
study has dimensions of 60 × 60 × 20. To predict shear strength parameters (c, ϕ),
two types of experiments (dry and soaked) were conducted on two types of gypseous
soil samples (Al-Najaf and Al-Samawa). The soil samples were tested before and
after treatment with two injected bacterial solution ratios (4 and 8%). In soaked
conditions, the soil samples were tested after soaking in water for two hours. Three
different confining pressures were used to assess the stress–strain relationship for
the measured soil samples (75, 150, and 225 kPa). Brittle failure (the initiation,
formation, and aggregation of micro-cracks) was observed as a shear failure mode in
all samples stabilized with bacterial calcium carbonate precipitation. Figures 2, 3, 4
and 5 show the results of direct shear tests on gypseous soils in both dry and soaked
conditions. It can be shown and cohesion is much greater in the dry state than in
the saturated state. The angle of internal friction decreases marginally after soaking.
The dissolution of cementation salts after soaking in water, which breaks down the
bonds between soil particles, could explain this behavior. Soaking has a significant
impact on the apparent cohesion but only a minor effect on internal friction angle
because the soil is classified as coarse-grained textured soil with friction properties.
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Fig. 2 Results of direct shear test for untreated dried gypseous soil (Al-Najaf soil)
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Fig. 3 Results of direct shear test on untreated soaked gypseous soil (Al-Najaf soil)
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Fig. 4 Results of direct shear test for untreated dried gypseous soil (Al-Samawa soil)
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Fig. 5 Results of direct shear test for untreated soaking gypseous soil (Al-Samawa soil)

Direct Shear Test Results with MICP Treatment. The two types of gypseous
soil samples are treated with ratios of injection of a bacterial solution (4 and 8%)
and tested in both dry and soaking conditions. Figures 6, 7, 8, 9, 10, 11, 12 and
13 show the variation of shear stress versus horizontal displacement and normal
stress versus shear stress under different intensities of normal stress. The shear stress
values of the treated samples are higher than those of the untreated soil samples,
as seen in Figs. 6, 7, 8, 9, 10, 11, 12 and 13. This action may be attributed to the
cementation resulting from MICP between the soil particles. Calcite bonds between
soil particles have been disrupted under regular stress, resulting in peak shear stress
[18]. Increasing the concentration of bacterial solution resulted in increasing the
shear strength parameters of gypseous soil; also, the soaking causes a reduction in
the shear strength parameters of soil bu still higher than untreated gypseous soil
samples (Table 4).
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Fig. 6 Results of direct shear test for treated dried gypseous soil (4% BS Al-Najaf soil)
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Fig. 7 Results of direct shear test on treated dried gypseous soil (8% BS Al-Najaf soil)
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Fig. 8 Results of direct shear test on treated soaked gypseous soil (4% BS Al-Najaf soil)
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Fig. 9 Results of direct shear test on treated soaked gypseous soil (8% BS Al-Najaf soil)
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Fig. 10 Results of direct shear test for treated dried gypseous soil (4% BS Al-Samawa soil)
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Fig. 11 Results of direct shear test for treated dried gypseous soil (8% BS Al-Samawa soil)
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Fig. 12 Results of direct shear test for treated soaked gypseous soil (4% BS Al- Samawa soil)
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Fig. 13 Results of direct shear test for treated soaked gypseous soil (8% BS Al- Samawa soil)

Table 4 Variation of shear strength parameters for tested soil sample treated by MICP

Al-Najaf soil

Property Untreated Treated

Dry Soaked 4% BS dry 8% BS dry 4% BS soaked 8% BS soaked

c (kPa) 15 0 40.44 60.66 23 34

ϕ (o) 32 28.5 33.75 40 30 34.5

Al-Samawa soil

Property Untreated Treated

Dry Soaked 4% BS dry 8% BS dry 4% BS soaked 8% BS soaked

c (kPa) 12 0 36 55 26.25 32

ϕ (o) 33 29.45 35 39 31.6 33

4 Conclusions

The following conclusions can be drawn out from the results of this study:

• Soaking of untreated gypseous soils reduced the cohesion of soil by approximately
ten times that of dry soil, while the angle of internal friction exhibited marginal
reduction.

• In dry condition, the injection of microbial calcium carbonate precipitation in
gypseous soils causes increasing the shear strength properties, where the angle
of internal friction increased 5° for soil treated with 4% BS and increased by 10°
for soil treated with 8% BS. The cohesion of gypseous soil also increased by
200% for soil treated with 4% BS and increased by 350% for soil treated with 8%
BS. Accordingly, the injection of bacterial calcium carbonate precipitation can
modify the geotechnical properties of gypseous soil.
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• In soaking condition, the injection of bacterial solution causes increasing the shear
strength properties of gypseous soil, where the angle of internal friction increased
2° for soil treated with 4% of BS and increased 5° for soil treated with 8% of BS,
while the cohesion of gypseous soil is also increased by 220% for soil treated with
4% of BS and increased by 300% for soil treated with 8% of BS. The soaking
affected the friction angle significantly and slightly on cohesion because the soil
has friction properties rather than cohesion.

References

1. Awn,S.H.A. (2010).Amodified collapse test for gypseous soils.Diyala Journal ofEngineering
Sciences, 10, 299–309.

2. Mansour, Z. M., Chik, Z., & Taha, M. R. (2008). On the procedures of soil collapse potential
evaluation. Journal of Applied Sciences, 8(23), 4434–4439.

3. Al-Murshedi, A. D. S. (2001). The use of cut back MC–30 for controlling the collapsibility of
gypseous soils. M.Sc. Thesis, University of Technology, Baghdad.

4. Ali, N. A., Karkush, M. O., Al Haideri, H. H. (2020). Isolation and identification of local
bactria produced from soil-borne urease. In IOP Conference Series: Materials Science and
Engineering (Vol. 901, No. 1, p. 012035). IOP Publishing.

5. DeJong, J. T., Fritzges, M. B., & Nüsslein, K. (2006). Microbially induced cementation to
control sand response to undrained shear. Journal of Geotechnical and Geoenvironmental
Engineering, 132(11), 1381–1392.

6. Karol, R. H. (2003). Chemical grouting and soil stabilization, revised and expanded (Vol. 12).
Crc Press.

7. Ivanov, V., & Chu, J. (2008). Applications of microorganisms to geotechnical engineering
for bioclogging and biocementation of soil in situ. Reviews in Environmental Science and
Bio/Technology, 7(2), 139–153.

8. van Paassen, L. A., Ghose, R., van der Linden, T. J., van der Star, W. R., & van Loosdrecht, M.
C. (2010). Quantifying biomediated ground improvement by ureolysis: Large-scale biogrout
experiment. Journal ofGeotechnical andGeoenvironmentalEngineering, 136(12), 1721–1728.

9. Van Wijngaarden, W. K., Vermolen, F. J., Van Meurs, G. A. M., & Vuik, C. (2011).
Modelling biogrout:Anewground improvementmethod based onmicrobial-induced carbonate
precipitation. Transport in Porous Media, 87(2), 397–420.

10. Martinez, B. C., DeJong, J. T., Ginn, T. R., Montoya, B. M., Barkouki, T. H., Hunt, C., Tanyu,
B., & Major, D. (2013). Experimental optimization of microbial-induced carbonate precip-
itation for soil improvement. Journal of Geotechnical and Geoenvironmental Engineering,
139(4), 587–598.

11. Ali, N. A., & Karkush, M. O. (2021). Improvement of unconfined compressive strength of soft
clay using microbial calcite precipitates. Journal of Engineering, 27(3), 67–75.

12. Weaver, T. J., Burbank, M., Lewis, A., Lewis, R., Crawford, R., & Williams, B. (2011). Bio-
induced calcite, iron, and manganese precipitation for geotechnical engineering applications.
In Geo-Frontiers 2011: Advances in Geotechnical Engineering (pp. 3975–3983).

13. De Jong, J. T., Soga, K., Kavazanjian, E., Burns, S., Van Paassen, L. A., Al Qabany, A.,
Aydilek, A., Bang, S. S., Burbank, M., Caslake, L. F., Chen, C.Y. (2014). Biogeochemical
processes and geotechnical applications: progress, opportunities and challenges. In Bio-and
Chemo-Mechanical Processes inGeotechnical Engineering:Géotechnique Symposium inPrint
2013 (pp. 143–157). Ice Publishing.

14. Al Qabany, A. (2011). Microbial carbonate precipitation in soils. Ph.D. Thesis, University of
Cambridge, UK.



114 A. D. Salman et al.

15. Qabany, A.A., Soga, K. (2014). Effect of chemical treatment used in MICP on engineering
properties of cemented soils. In Bio-and Chemo-Mechanical Processes in Geotechnical
Engineering: Géotechnique Symposium in Print 2013 (pp. 107–115).

16. Chou, C.W., Seagren, E. A., Aydilek, A. H., & Lai, M. (2011). Biocalcification of sand through
ureolysis. Journal of Geotechnical and Geoenvironmental Engineering, 137(12), 1179–1189.

17. Al-Mufty, A. A., & Nashat, I. H. (2000). Gypsum content determination in gypseous soils and
rocks. In Third International Jordanian Conference on Mining (Vol. 2, pp. 485–492). Amman,
Jordan.

18. Verma, D. K., & Maheshwari, U. K. (2017). Effect of nano silica on geotechnical properties
of clayey soil. International Journal of Science and Research (IJSR), 6(12), 974–976.



Suction—Resistivity Relationship
in Unsaturated Gypseous Soil

Qasim A. Al-Obaidi and Ali A. Al-Shamoosi

Abstract Suction pressure and water potential significantly affect the geotechnical
and geophysics behavior of the gypseous collapsible soil, especially under unsatu-
rated conditions. Direct measurement for the soil suction still a big challenge due
to the limitation of the test equipment, high cost, and time-consuming of the tests.
In this study an attempt is made in order to find indirect method for estimating the
soil suction in gypseous soil by using geophysics techniques. Soil-Model apparatus
provided with highly sensitive Tensiometer, Time Domain Reflectometry, and resis-
tivity sensors is used to investigate the relationship between the matric suction, water
content, volume change, and soil resistivity. The unsaturated gypseous soil sample
is brought up from Al-Ramadi city, west of Iraq, with a gypsum content of 70%. The
test procedure includes different initial conditions such as applied stress and sensors
level. The tests results show the soil resistivity sharply decreased with the decrease
in matric suction, especially at medium range of soil suction (i.e., 1000–100 kPa),
then the relationship will be relatively constant for all measurements levels. Also, the
void ratio sharply decreased with the soil suction’s degreasing and became relatively
constant at the low range of soil suction (i.e., <100 kPa) at vertical stress of 25 kPa.

Keywords Suction · Gypseous soil · Unsaturated · Geophysics · Collapse · Soil
resistivity

1 Introduction

Gypseous soil has a significant geotechnical problem during and after the construc-
tion of engineering structures [1, 2]. The progressive collapse deformation commonly
occurs upon reducing soil suction and wetting processes, leading to destroying the
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gypsumcementingbondsbetween soil particles [3, 4].Unsaturated soil canbedefined
as solid, water, air, and the fourth phase are the air–water interface or the contractile
skin [5]. Moreover, this soil’s geological formation can be a residual soil, a lacus-
trine deposit, a bedrock formation, or any other soil or rock type. The unsaturated
soil stratum between the natural ground level and above the water table is known
as the capillary zone and having negative pore-water pressure (i.e., suction) [6].
Furthermore, total suction in unsaturated soil can be defined as the free energy state
of soil water and has two components, namely matric suction, and osmotic suction
as follow:

ψ = (ua − uw) + ϕs (1)

where: ψ = total suction, (ua − uw) = matric suction and ϕs = osmotic suction.
The osmotic suction can be ignored in engineering applications. Matric suction is
defined as the difference between pore air pressure (ua) and pore water pressure (uw)
[6]. Resistivity can be defined as the electrical resistance between opposite faces of a
unit cube of material; the reciprocal of conductivity. Resistivity is used in preference
to conductivity as an expression of the soils’ electrical character (and waters) since it
is expressed in whole numbers [7]. The soil resistivity is the function of the degree of
compaction, moisture content, constituent solubility, and temperature. These factors
will be eliminated when the soil is at a saturated state and the soil resistivity will be
a minimum value especially when the soil contains soluble salts. Some soils absorb
moisture slowly and contain constituents that dissolve slowly, and the resistivity may
not stabilize for as much as 24 h after saturation. Surplus water should not be poured
off out of the soil as this will remove soluble constituents [7].

Direct methods to calculate the soil suction is commonly very expensive and time-
consuming especially in field conditions. Therefore this study aims to find a rela-
tionship between soil suction, volume change and soil resistivity using lab resistivity
tests and direct measurements for the soil suction and volumetric water content. Soil-
Model apparatus provided with high sensitive Tensiometer, Time Domain Reflec-
tometry, Resistivity sensors, and Datalogger is used for this purpose as illustrated in
the following sections.

2 Experimental Work

Soil Sample. The unsaturated soil sample from the site near Al-Anbar University,
Al-Ramadi city of about 120 km west of Baghdad, Iraq is used in this study. The
main physical and chemical properties of the investigated soil are shown in Table 1.

Soil-Model Apparatus. Soil-Model apparatus was designed and manufactured
with multi-functions of laboratory soil testing by Al-Obaidi et al. [3] as shown in
Figs. 1 and 2. In this study, Soil-Model Apparatus is used to investigate the volume
change, matric suction, water content, and soil resistivity relationships of gypseous
soil. The Soil-Model has the following technical details: rigid steel material of 1.5 cm
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Table 1 Summary of physical and chemical soil properties [3, 4]

Property Value Property Value

Atterberg’s limits (%) No plasticity Relative density (%) 82

Specific gravity 2.35 Field dry density (g/cm3) 1.3

Initial void ratio 0.81 Maximum dry density (g/cm3) 1.57

Cu 4.5 Optimum moisture content (%) 15.5

Cc 1.4 Passing sieve 200 (0.075 mm) (%) 3.3

SO3 (%) 34.5 Gypsum content (%) [8] 70

TSS (%) 11.5 Soil classification SP

Fig. 1 Sketch of soil-model
apparatus. (All dimensions
in mm)

(thickness), inner dimensions are 30.2 cm (length), 30.2 cm (width), 31.0 cm (sample
height), and 2.5 cm (thickness of rigid plate cover). The Soil-Model provided with
graded gravel filter bed layer of 0.5–1.0 cm (particle diameter range) and 2.0 cm (filter
thickness). The gravel filter bed’s purpose is to ensure the uniform distribution of the
moisture through the soil mass and flash the air bubbles under the soil sample. The
filter layer level includes two opposite valves used as a water inlet and flashing of air
bubbles. In addition, many valves have been provided in the horizontal and vertical
directions of themodel in order tomobilize the sensors to the desired level of soil. The
first sensor is a susceptible Tensiometer sensor (TS) type (EQ3 equitensiometer) to
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Fig. 2 View on soil-model device

measure the soil’s matric suction as shown in Fig. 3a.When the EQ3 probe is inserted
into the soil, the matric potential within the equilibrium body equilibrates to that of
the surrounding soils. The water content of the matric material is measured directly

Tensiometer type EQ3 TDR type ML3 Data logger type GP1

Fig. 3 Tesiometers, Time domain reflectometry, and data logger used with soil-model apparatus
manufactured by Delta-T Devices Ltd company, UK
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by the ML3 ThetaProbe, and this can be converted into the matric potential of the
surrounding soil using the calibration curve supplied with each Equitensiometer.

The second sensor is TimeDomain Reflectometry sensor (TDR) type (ML3 Theta
Probe) to measure the soil’s volumetric water content as shown in Fig. 3b. These two
sensors are connected to the data logger type (GP1 Data Logger) and then to the
special computer software as shown in Fig. 2 and Fig. 3c. The applied axial loading
was controlled using an automatically rigid loading frame with a loading capacity of
200 kN. The soil settlement was monitored by using two sensitive dial gauges with a
precision of 0.002 mm [3, 4]. The soil resistivity meter device type “Tinker & Rasor”
model SR-2, serial 1177, 4-Pin Method was used for soil resistivity measurements
as shown in Fig. 2. The Tensiometers (TS), Time Domain Reflectometry (TDR), and
Wenner Four-Electrodes sensors were installed three levels within the Soil-Model
Apparatus for three models tests. The first model test at the bottom level (H/4 =
7.5 cm), the second model test at the middle level (H/2 = 15.0 cm), and the third
model test at the top level (3H/4 = 22.5 cm) as shown in Fig. 1.

3 Testing Procedure

The test procedure can be summarized into the following steps:

1. Preparation of the soil samples inside the dried Soil-Model apparatus by static
compaction of the soil in three layers according to the following initial boundary
conditions: void ratio (eo): 0.81; dry density: 1.3 g/cm3; water content: 0%;
degree of saturation: 0% and initial total suction: 139,000 kPa. The value of
the initial total suction of 139,000 kPa is considered based on the soil–water
characteristics curve (SWCC) measured by Al-Obaidi [9] using the chilled-
mirror hygrometer technique for the identical soil sample. The applied constant
vertical stress was 25 kPa for all model tests, and the deformation settlement
was recorded using two dial gauges of accuracy equal to 0.002 mm

2. Before starting the tests, and to ensure the measured data’s reliability and accu-
racy, calibrations of all sensors according to the specification manuals and stan-
dards are made on several proposed soil-model samples under different initial
soil conditions.

3. The Time Domain Reflectometry (TDR) and Tensiometer (TS) sensors were
previously fixed at the Soil-Model apparatus’s desired level. However, care
must be taken to ensure that the sensors are safe during the compaction process
and have good contact with the soil particles. The installation of the TDR and
TS sensors was according to their installation instructions manual.

4. The soil resistivity measurements using the Wenner Four-Electrodes methods
were carried out according to the ASTM G57-2012 Standard [7]. The 4-pin
sensors were installed in the soil sample at the desiredmodel test level according
to the requirement of the ASTM G57-2012 Standard [7] and “Tinker & Rasor”
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model SR-2 device specification manual after finished the compacted of the soil
layer. The soil resistivity is calculated according to the following equation:

ρ = R A/a (2)

where:
ρ = Resistivity (�.cm),
R = Resistance (�).
A = Cross-sectional area of the container perpendicular to the current flow

(=142.5 cm2), and.
a = Inner electrode spacing (= 12.8 cm).

5. After the preparation of the soil sample, the model test was started under
the constant vertical stress of 25 kPa. Then start the multi-step wetting stage
(i.e. transformation from unsaturated state towards saturated state) by reducing
matric suction simultaneouslywith stepwise increases of thewater content in the
soil mass. Amulti-step wetting process was conducted after flashing the bottom
reservoir to remove the air bubbles by using the graduate water cylinder through
to the gravel filter through soil-model valves without applying the hydraulic
gradient (see Fig. 2). The moisture content was raised in the soil skeleton based
on capillary forces and suction pressure.

6. The matric suction and the volumetric water content were recorded during the
test by using high accurate Datalogger (GP1) in conjunction with resistivity and
volume change measurements from high suction range at unsaturated condition
till very low suction range (i.e., ∼= zero) at saturated condition.

4 Results and Discussion

In this section, the Soil-Model tests results at measurement levels (H/4, H/2 and
3H/4) will be presented. Figures 4, 5, and 6 illustrated the relationships between
the soil resistivity and suction, gravimetric water content, and degree of saturation,
respectively. From Fig. 4 it can be seen that the soil resistivity sharply decreases

Fig. 4 Relationship between
suction and resistivity
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Fig. 5 Relationship between
gravimetric water content
and resistivity

Fig. 6 Relationship between
degree of saturation and
resistivity

with the decrease in matric suction, especially at a medium range of soil suction (i.e.,
1000–100 kPa), then the relationship will be relatively constant for all measurements
levels. This behavior can be attributed to the effect of a high percentage of the
gypsum content in soil sample that present high resistance to current flow between
soil particles. It’s worth mentioning that, transitional gypsum rocks, which contain
gypsum content of about (55–75%) have an electrical resistivity value of (100–700
� cm) [10]. However, when soil suction is reduced by multi-step wetting processes
(i.e., increase of the water content), the cementing bonds between soil particles will
be destroyed due to the softening and dissolution of gypsum by water. In this case
the positive pore water pressure will relatively increase, causing an increase in soil
conductivity and reduction in soil resistivity as shown in Figs. 5 and 6.

Moreover, when the moisture content gradually increased and when soil
approached the saturation state (i.e., Sr > 90%), the value of soil resistance will
fluctuate due to the hydration and chemical reaction gypsum with water molecules
as shown in Figs. 5 and 6. The hydrated gypsum particles and water molecules
cause a significant reduction in soil resistivity. This attribute is confirming with the
measurement’s conception mentioned in ASTM G57-2012 [7] and [10]. It is worth
mentioning that the soil at completely dry condition will be under high initial total
suction as in the studied soil were the initial total suction ∼= 139,000 kPa [9]. At
such an extremely high initial suction value, the soil resistivity will be relatively at
high range also; therefore, the resistivity suction measurements were limited with



122 Q. A. Al-Obaidi and A. A. Al-Shamoosi

the sensor’s capacity. According to the previous argument, the resistivity- suction
measurements start from medium range toward a low range of soil suction. As a
summary, it can clearly observe that the soil resistivity is a function of moisture
content and directly affected by the high percentage of gypsum content. This finding
confirms the discussions mentioned in ASTM G57 [7 and 10].

Figures 7, 8 and 9 show the relationships between the soil suction and gravimetric
water content, degree of saturation, and void ratio. Figures 7 and 8 show that the
soil suction is a function of water potential, and it is highly sensitive to the variation
of moisture content in the soil mass. The reduction in matric suction (i.e., negative
pore water pressure) is a result of replacing the air volume with water volume in
micro-structure level of soil particles, especially after the air entry value on the soil–
water characteristics curve of the studied gypseous soil. These findings confirm with
finding reported by [3, 4 and 9].

The relationship between suction and the void ratio can be shown in Fig. 9. The
void ratiowas sharply decreasedwith the decreasing of the soil suction due to collapse
deformation of the gypsum bonds between soil particles due to softening and gypsum
dissolution. However, at a low range of soil suction (i.e. <100 kPa), the variation in
the void ratio becomes relatively constant due to the soil structure’s stability under
the vertical stress of 25 kPa. Finally, the measurement level (i.e., sensors position) in

Fig. 7 Relationship between
suction and gravimetric
water content

Fig. 8 Relationship between
suction and degree of
saturation
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Fig. 9 Relationship between
suction and void ratio

soil-model apparatus has a considerable effect on the measured resistivity value, as
shown in Figs. 4, 5, and 6. From Fig. 5 it’s clear that for the same gravimetric water
content of 10%, the soil resistivity was 200, 300, and 600 � cm for the sensors level
of (H/4, H/2, and 3H/4) respectively. This behavior can be attributed to the large
hydration amount of gypsum and variation of suction within the soil mass at the top
level of sensors measurements.

5 Conclusions

(1) The soil resistivity sharply decreases with the decrease in matric suction,
especially at the medium range of soil suction (i.e., 1000–100 kPa), then the
relationship will be relatively constant for all measurement levels.

(2) When soil suction is reduced by multi-step wetting processes (i.e., increase of
thewater content), the cementing bonds between soil particleswill be destroyed
due to the softening and dissolution of gypsum by water. In this case, the posi-
tive pore water pressure will increase, causing an increase in soil conductivity
and a reduction in soil resistivity.

(3) When the moisture content gradually increases and the soil approaches the
saturation state, the value of soil resistance will fluctuate due to the hydration
and chemical reaction for the gypsum with water.

(4) The reduction in matric suction (i.e., negative pore water pressure) results from
replacing the air volume with water volume in the micro-structure level of soil
particles, especially after the air entry value on the soil–water characteristics
curve of the studied gypseous soil.

(5) The void ratio sharply decreased with the decreasing of the soil suction and
relatively becomes constant at a low range of soil suction (i.e., < 100 kPa) at
vertical stress of 25 kPa.
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Assessment of Effect of Tidal Level
and Footing Proximities on Retaining
Wall-Grain Interactions Using Finite
Element Method

Zuhair Kadhim Jahanger, Qais K. Jahanger, and S. Joseph Antony

Abstract The study presents a simulation of a cantilever sheet pile wall considering
the effects of high and low tide and spacing between the foundation and the sheet pile
wall. The rising of seawater during a tidal wave, which is a shallowwater wave, could
be observed daily near ports (i.e., Al Faw Grand Port, Basrah, Iraq). This fluctuation
of water has a significant effect on shear strength and compressibility of the soil zone
above the water table next to the retaining wall of the port platform. Investigations on
the displacement patterns of the subsoil of the existing sheet pile wall supporting the
soil by tidal waves are relatively scarce. In this study, the local displacement fields of
a dense soil layer interacting with a rigid strip footing at different proximities, which
the spacing between the footing edge and the wall = 1, 2, 3, and 5 of the footing
width, of the retaining wall under the plane-strain condition were examined based
on the finite element method (FEM) using ANSYS software. In general, the results
show a good level of agreement between the hypothesis results (analytical solution)
and simulations conducted here. Overall, relatively higher displacement and stress
measures are observed at the retainingwall for a closer distance of footing to thewall.
As the tidal level increases 4 m, the horizontal displacement and stresses decreased
by less than 1%. The study contributes to a new understanding of the horizontal
displacement profile of the retaining wall and its link to the bearing capacity of the
strip footing under static loading environments.
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1 Introduction

Iraq needs to construct a new port built in a tide-dominated and muddy environment,
as illustrated in Fig. 1. Tidalwaves have significant impacts on the functions ofmarine
structures. Marine structures such as ports and buildings require the construction of
retaining structures to support the soil and the structure foundations. Sheet piles
necessarily retain walls that comprise steel sheets and or precast concrete designed
to support and stabilize soils such as earth retaining structures and braced cuts.
In addition, to support and stabilize soils inland, sheet piles are used offshore to
support soil and stabilize the foundations of the marine structure, such as cofferdams
and continuous walls of waterfront structures [1, 2]. However, the behavior of load
and thus stresses and strains applied on the retaining walls (sheet piles) are different
offshore than onshore due to the effects of tidalwaves (high tide versus low tide level).
The rising of seawater during the tidal wave, which is a shallowwater wave, could be
observed daily near ports (i.e., Al Faw Grand Port, Basrah, Iraq). This fluctuation of
water has a significant effect on shear strength and compressibility of the soil zone
above the water table next to the retaining wall of the port platform. Assessment
of such supporting structures for Al Faw Grand Port is yet to be conducted. This
is needed to address the high and low tidal level impact on the retaining wall and
thus the stability and durability of the foundation of port cranes and the distance
between the retaining wall and the foundation. The stability and durability are due
to the interaction between the retaining wall and the adjacent soil as well as the
foundation of the structure and the adjacent soil -structure as a result of different
stiffness between the soil, footing, and the sheet pile structure. The available design
rules for steel sheet pile walls mainly use an elastic design based on the permissible

Fig. 1 Al Faw Grand port, Basrah, Iraq
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stress method [3]. However, a better evaluation of the behavior of the sheet pile wall
in the soil can be obtained using a full-scale field test [2, 3].

The full-scale field tests are accepted in engineering practice. It may lead to more
costs. Therefore, it appears that the full-scalefield test couldbe successfully simulated
with a numerical model. This full-scale model shall be validated with a full-scale in-
situ test, and a calibratedmodel has to be used as a reference for further investigations.
In addition to the deformation pattern, a relative stiffness difference between the sheet
pile walls and the supporting soil may also lead to mobilize soil arching, resulting in
the transfer of the load to the stiffer sheet pile wall [4]. Soil arching phenomena cab
be mobilized in various geotechnical applications [4]. Numerous researchers have
studied the sheet pile wall using a numerical approach. GuhaRay and Baidya [5]
have analyzed cantilever sheet pile walls backfilled with cohesionless and cohesive
soils using the finite element approach. They have observed that the soil cohesion
and water table have influenced the stability of the cantilever sheet pile walls to a
great extent [5]. Emarah and Seleem [6] have numerically studied the variation of
maximum values of bending moments and anchor forces driven in the sheet piles
using the finite element program. They have concluded that the maximum bending
moment is achieved at the stiffer sheet pile wall [6]. Furthermore, in the geotechnical
engineering applications, precise understandings are yet to be established on the local
displacement fields of the dense soil under the static loading on continuous footing
next to the retaining wall. Also, the evolution of deformation and internal stresses
against the retaining wall is yet to be addressed.

The study presents a simulation of a cantilever sheet pile wall considering the
effects of two extreme cases of high and low tide level and spacing distance (S/B)
between the foundation’s edge and the sheet pile wall, where S equals the edge to
edge spacing and B equals the width of the foundation. To achieve this objective, the
FEM using ANSYS software was used to simulate the structure, soil, and hydrostatic
pressures of the tidal high and low levels. Therefore, this paper aims to study and
analyze the effects of high and low tide levels on sheet pile walls to identify the
horizontal deformation and yield stresses (vonMises) under the allowable settlement
for different footing locations the sheet pile wall. In the current study, the cantilever
sheet pile wall is backfilled by cohesionless soil and is driven into a dense soil layer.

2 Methodology

Study Area. A general view for the subsoil profile at the Al Faw grand port shows
that the subsoil consists mainly of medium to soft and soft to very soft clay at the
top layer. This layer strengthens with depth to stiff and very stiff with brownish
and grayish appearances in colors, and lean silty clay with fine-grained green sand
occasionally encounteredwithin the strata [7, 8]. This layer is overlying dense to very
dense, with grayish and greenish visions in color, fine-grained (clayey) silty sand.
However, the profile could be divided into sub-layers; each one varies from the other
in its strength and consistency along the depth [7, 8]. According to the tide chart, Al
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Faw’s maximum tide level is ~3.0–4.0 m, and a mean tidal range exceeds 4 m at the
spring tide [9]. Accordingly, the tide is well defined as a periodic vertical stream of
the sea surface due to attractive mutual forces of the earth, moon, and sun resulted in
a very long tide generates in the Gulf basin and circulate towards the shoreline [9].

3 Finite Element Method Simulations

Full-scale problems are more suited to be studied using FEM simulations, but inher-
ently the cohesionless medium is typically considered as a continuum with a given
type of the constitutive relations of the sand layer [10]. The discrete element method
(DEM) is a popular method to model the mechanical behaviour of granular materials
[11]. However, the simulation of large-scale granules systems is expensive and time-
consuming.UsingANSYSWorkbench 18.2 [12], a linear elastic FEMsimulationwas
conducted corresponding to the real conditions in this study. A two-dimensional solid
geometry of the soil and the footing created using ANSYS software were modeled
under plane strain conditions. The full-scale model of the soil with a dimension of
25 m × 60 m was modeled (25 = height of the sheet pile wall to the dredge line
× 60 m = the far-right boundary). The footing with a dimension of (B = 2 m ×
thickness= 0.7 m) was modeled. An eight-nodded quadratic solid element was used,
having two degrees of freedom at each node (i.e., translations in the nodal x and y
directions) as shown in Fig. 2. The element and node numbers verified to get a good
level of convergence at the end of the applied load, in the soil body and the continuous
foundation are equal to 2588 and 8032. Also, the mesh bias was chosen to maintain
the same aspect ratio of the footing elements and the soil at the interface area.

An adaptive FEmesh generation [13, 14]was applied at the footing-soil-wall inter-
face where the major strains and stresses could be considered. It is worth mentioning
that the Skewness mesh metric, a measure of mesh quality, of maximum 4.857 ×

Fig. 2 Chosen domain, boundary conditions, and finite element mesh
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10–6 value was accomplished, which is also considered adequate [14]. The simula-
tions were held under identical boundary conditions for the quasi-static tests. In the
simulation, bottom nodes, which are assumed as dredge lines, were fixed from the
degree of freedom (Sh = Sv = 0) (Fig. 2). The far side of the model was allowed to
move in the vertical direction (Sv �= 0) and fixed in the horizontal direction because it
is infinite (Sh = 0) [14]. A displacement boundary was used along the left sheet pile
wall (Sh �= 0, Sv = 0). A rough surface footing to sand contact areas was modeled
where there is no sliding [12]. The free water height is used here assumed to be 2 m
(water-free surface, Fig. 2) which equals the high tide level, while 6 m (water-free
surface, Fig. 2) for the low tide level. The hydrostatic pressure was applied as a
variable hydrostatic pressure (Fig. 2).

The Mohr–Coulomb model was used here to describe the nonlinear behavior of
the dense sand. With large strain problems, it is recommended to use the Hardening
Small Strain model (HSS) rather than the MC model. MC behavior is acceptable in
compression rather than unloading compare to HSS that MC does not account for
unloading in its formulation as far as displacements of themodel (soil) are concerned.
It seems likely that the constitutive plasticity models in ANSYS are applicable in
both small and large deformation analyses [12]. The MC nonlinear model is often
used in the geomechanical analysis to study soil failure under external loading [12].
Furthermore, dense to very dense sand physical properties were used as input to the
simulations, including bulk density (γ = 20 kN/m3), initial modulus of elasticity (E
= 150 MPa [2]), Poisson’s ratio (ν = 0.36), peak angle of internal friction (φpeak =
45°), cohesion (c= 1 kPa, to avoid simulation discrepancies) and dilatancy angle (ψ
= φpeak − φcr = 10°), residual angle of internal friction (φcr) and residual cohesion
ccr = 0.8c [7] as suggested by Das [2].

The maximum axial displacement loading (0.25 m) was applied here on the rigid
footing geometry elements of time step in the range of 0.01–0.1 s. In the case of
foundation on cohesionless soil, the settlement of the foundation controls the design
of footing [15]. This time step was used to attain the convergence requirements of
the simulation [12]. It is worth mentioning that such a method was earlier applied
successfully to analyze the interaction behavior of strip footing-cohesionless sand
interactions under the quasi-static loading [14]. The evolution of the nodal displace-
ment characteristics in the solid geometry was traced under the allowable settlement
and compared on high and low tide measures for different spacing distances (S/B)
between the footing edge and the wall. Yield failure criteria in ductile materials are
theoretically measured of von Mises stress and is also popular in fatigue strength
calculations.

4 Numerical Results and Analysis

Figures 3 and 4 illustrate the horizontal deformation profiles induced in high and low
tidal levels for different spacing distances (S/B= 1, 2, 3, 5) between the footing edge
and the wall. The differences in the response under the allowable bearing capacity
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Fig. 3 High tide level on sheet pile wall with different footing spacings (S) (left) horizontal
displacement along the wall (right) von Mises stress along the wall

Fig. 4 Low tide level on sheet pile wall with different footing spacings (S) (left) horizontal
displacement along the wall (right) von Mises stress along the wall

are further investigated by plotting the horizontal deformation, and von Mises stress
profiles along the sheet pile wall. The smaller S/B, the larger the horizontal deforma-
tion and von Mises stress are. This is valid for both low and high tidal levels of sheet
pile walls. This is due to the increase in the interference effect between the footing
and the sheet wall for smaller spacing (S) (i.e., lateral stress close to the footing) [10].
This highlights the change in the mechanism of failure (local deformation patterns of
sand beneath neighboring footing to the wall) and blocking mechanism in terms of
the spacing distance (S/B) between the footings and the wall due to different spacing
distances [7, 15].

The horizontal deformation and von Mises stress profiles show a nonlinear
response for all cases of S/B = 1, 2, 3, 5, and 8 and both low and high tidal levels.
Though not illustrated here, similar trends were made for S/B = 8 used in this study.
It seems that the horizontal deformation and von Mises stress profiles attain the peak
at a depth of about the spacing (S). Therefore, failure of the sheet pile wall at a
depth of about the spacing (S) is expected. Thus, a tie rod sustains the load is needed
at these locations. The horizontal deformation and von Mises stress variations are
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Fig. 5 Allowable bearing
capacity of the footing at low
tide level with different
footing spacing distances

relatively smaller in the case of the high tide level. Generally, relatively higher hori-
zontal displacement and stress fields would be observed at the cantilever sheet pile
wall for a closer distance of footing-soil structure (weaker) to the steel sheet pile wall
(stiffer). However, the horizontal deformation and von Mises stress profiles show no
remarkable changes between the two cases, low and high tide levels. Therefore, the
horizontal deformation and von Mises stress variations are relatively smaller by less
than 1% in the case of the high tide level than the low tide level.

The footing shall be designed to support the allowable bearing capacity (ultimate
pressure/ safety factor) as well as to sustain the related allowable settlement under
working loads [13, 16, 17]. However, the measured settlement conducted by the
simulation shows that the settlement is substantial and shall exceed the 25–50 mm; a
figure is recommended not to be exceeded for continuous foundations [15]. Accord-
ingly, in the case of low tide level, which is the critical case in this study compared to
the high tide level, the calculated allowable bearing capacity (ABC) shall not exceed
1225, 1025, 695, 600, and 605 kPa for S/B = 1, 2, 3, 5 and 8 respectively as illus-
trated in Fig. 5. It can be seen that the ABC reached a horizontal plateau for a spacing
distance greater than S/B = 5, where the interference effect slightly diminishes with
an increase in the spacing distance. Therefore, from the measured value of allowable
bearing capacity (ABC) data used in Fig. 5, a second-order polynomial equation was
obtained, as it was the best fit using the regression analysis and can be expressed as
Eq. 1:

ABC(inkPa) = 26.981(S/B)2 − 330.13(S/B) + 1528.7 (1)

5 Summary and Conclusions

This paper presents the numerical parametric study results for sheet pile walls for
port supporting cohesionless soil with footing in different space distance (S) from
the wall to study the actual response of sheet wall in terms of both cases of high
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and low tide levels. This study was conducted to evaluate the variation of values
of horizontal deformation, and von Mises stress exerted in the sheet piles. This
evaluation was affected by varying space distances of the footing, either with the
high or the low tide level. The smaller S/B, the larger the horizontal deformation and
vonMises stress are. This is valid for both low and high tidal levels of sheet pile walls.
Also, as the tidal level increases, the horizontal displacement and stresses decreased.
The horizontal deformation and von Mises stress profiles show a nonlinear response
for all cases of S/B and both low and high tidal levels. The results show that the
horizontal deformation and von Mises stress profiles attain the peak at a depth of
about the spacing (S). The horizontal deformation and von Mises stress variations
are relatively smaller by less than 1% in the case of the high tide level than the low
tide level.
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Evaluation of Dam Breach Parameters
Using Different Approaches
for Earth-Fill Dam

Israa Dheyaa Abdulrazzaq, Qassem H. Jalut, and Jasim M. Abbas

Abstract The analysis of dam breach is generally used for the prediction of the flood
on downstream of the dam, but it is also crucial to predict the parameters of a dam
breach, the outflow hydrograph, and downstream nature of propagation. This study
deals with the analysis of dam break of an earth-fill dam (Hamrin Dam). The dam
checked for overtopping failure by using the two-dimensional river analysis model
HEC-RAS and the different approaches that used in order to predict the parameters of
dam break for use in the model. In this case, additional water levels for each method
were considered. It can be seeming that the most suitable to estimate the parameters
of dam breach is USBR approach.

Keywords Dam breach · Hamrin dam · HEC-RAS · Modelling · Flood
hydrograph

1 Introduction

The dams provide an ability to facilitate life in numerousways and function to control
freshwater flow; they also pose an inevitable and inherent threat to public safety and
the environment. Dams have been failing because of unpredictable environmental
conditions, improper management, or poor engineering since creating the first dams.
When the dams are failed, they do often so catastrophically due to big amount of
the inherent energy involved. The dams are complex structures that are subjected to
many forces because of failure, and these forces are reactive along with the dam’s
entire life, and the reality that the stood of a dam safely for few years is not necessarily
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a sign that the dam will not fail. One of the forces that inducing failure is overtop-
ping. Overtopping is a clogging of the spillways or a result of having inadequate
emergency spillway capacity. The fundamental information of flood events that can
be advantageous in the engineering of dam can be provided by the analysis of dam
breaching, emergency action plan, and floodplain management. Various researchers
and organizations have contributed their findings in an analysis of the dam break and
its consequence.

The derived regression equations based on the data from historical events of dam
failure, used in predicting breach geometry, are early-proposed [1]. Yi [2] char-
acterized dam break in the aspect of model and theories. Understanding the dam
break mechanics, break parameters prediction, peak outflow prediction shown as
the fundamental for dam break analysis, and at last located the loss of the damage.
Other relative studies about dam break using HEC-RAS are done in references [2–6]
with different parameters like the elevation of reservoir and break parameters. These
studies can be used to develop knowledge about this kind of issue. Therefore, this
study included the simulation of a case study in Iraq using HEC-RAS with different
break parameters.

2 Definitions of Breach Parameters

The expression of breachparameters contains (breachwidth, breachdepth, and angles
of side slopes), and these parameters explain the required time of initiation of the
breach and its development. These parameters are summarized below and shown in
Fig. 1 [7].

Fig. 1 Idealized dam breach parameters
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Breach Depth. In many publications, it is also mentioned as breach height. This
is a vertical range of breaching, measured from the peak of the dam down to an invert
of the breaching. Some of the publications cite that the reservoir head-on breaching,
measured from the reservoir’s water surface to the invert of the breach.

BreachWidth. The peak flow rate and the resulting immersion levels downstream
from the dam can be hugely affected by the rate of the breaching width expansion
and the ultimate breaching width. The case studies typically statement either breach
width at top or bottom of breaching or average breach width opening.

Breach Side Slope Factor. The shape of the breach opening can be specified by
the side slope factor, breach depth, and breach width. The exact predicting of the
side slope angles are considered of secondary importance for predicting the breach
depth and width.

3 The Governing Approaches

In this research, we used five of the most common experimental methods for
predicting the breach size and the breach formation time to estimate the breach param-
eters for Hamrin dam. The experimental methods are Froehlich [8], Froehlich [9],
MacDonald and Langridge-Monopolis, Von Thun and Gillette, and Bureau of Recla-
mation. For various scenarios of assumed overtopping failure mode with various
ranges of initial water levels (107.5m, 104.5m, and 101.5m)m.a.s.l for the reservoir,
these methods were applied for estimating Hamrin dam breach. For the overtopping
failure mode, the location of the breach was supposed to be at the centreline down-
stream of the dam. The final bottom elevation of the breach was supposed to be at
the significant riverbed.

Froehlich [8]. Froehlich used sixty-three earth, zoned earthwith a corewall ground
dam (i.e., mud), and rockfill dam data sets to refine a group of equations to predict
the average width of the breach, side slopes, and time of breaching. Table 1 shows
the equations for determining the parameters of dam breach according to reference
[8].

Froehlich [9]. Froehlich in 2008 modified his equations of breach based on the
addition of new data. He used data sets for seventy-four earth, zoned earth, earth
dam with a core wall (i.e., mud), and rockfill dam to improve a group of equations
to predict the average width of the breach, side slopes, and time of breaching. Table
2 shows the equations for determining the parameters of dam breach according to
reference [9].

Table 1 Parameters required
for Froehlich (1995a) formula
[8]

Parameters Values

The average breach width
equation

Bave = 0.1803 KoV0.32
w h0.19b

Time of failure equation tf = 0.00254 V0.53
w h0.90b
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Table 2 Parameters required
for Froehlich formula [9]

Parameters Values

The average breach width equation Bave = 0.27KoV0.32
w h0.04b

Time of failure equation Tf = 63.2

(√
Vw/gh2b

)

Table 3 Parameters required
for Macdonald and
Langridge-Monopolis
formula [10]

Parameters Values

The average breach width
equation

Wb = Veroded−h2b(CZb+hbZbZ3/3)
hb(C+hbZ3/2)

Time of failure equation tf = 0.0179(Veroded)
0.364

Macdonald and Langridge-Monopolis. MacDonald and Langridge-Monopolis
used forty-two data sets (predominantly earth fill, earth fill with a clay core, and
rockfill dam) to develop a relationship for the “Breach Formation Factor.” Breach
Formation Factor is a product of the water volume coming out of the dam and water
height above the dam. They related the breach formation factor to the importance of
the material that eroded from the embankment dam. Table 3 shows the equations for
determining the parameters of dam breach according to Macdonald and Langridge-
Monopolis [10].

MacDonald and Langridge-Monopolis set that the side slopes of the breach were
assumed to be 1H:2 V in most cases. Also presented that the time breach formation
of the enveloped curve as a function of (Ver). Ver and dam cross-section can be used
for the calculation of breach width.

Ver = 0.0261(Vout*hw)
0.796 (For earth-fill dams) (1)

Ver = 0.0179(Ver)
0.346 (For non-earth fill dams) (2)

Von Thun and Gillette [11]. Von Thun and Gillette utilized fifty-seven dams from
both Froehlich (1987) and MacDonald and Langridge-Monopolis (1984) to improve
theirmethods. Themethod suggests utilizing breach side slopes of 1.0H:1.0V, except
for the dams with cohesive soil, where the side slopes should be on the order of
0.5H:1 V to 0.33H:1 V. Tables 4 and 5 show the equations for determining the
parameters of dam breach according to Von Thun and Gillette [11].

Bureau of Reclamation. Bureau of Reclamation (USBR) [12], a conservative
formula was presented to evaluate the dam breach’s width with respect to the depth
of thewater reservoir. This formulation is considered aguide for selecting the breach’s
eventual width, which is used in risk rating studies. Recommended breakout forma-
tion time is 0.011 times multiplied by the width of the breach as shown in the
equation:

B = 3hw and tf = 0.011 B (3)
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Table 4 Parameters required for Von Thun and Gillette formula [11]

Parameters Values

The average breach width equation Bave = 2.5 hw + Cb

Time of failure equation Two various equations developed by Von Thun and Gillette
are shown below:
• tf = 0.02hw + 0.25 (Erosion Resistant)
• tf = 0.015hw (Easily Erodible)

• tf = Bave
4hw

(Erosion Resistant)

• tf = Bave
4hw+61.0 (Easily Erodible)

Table 5 Cb coefficient
values with respect to
reservoir size

Reservoir size (m3) Cb (m)

< 1.23∗106 6.1

1.23∗106 − 6.17∗106 18.3

6.17∗106 − 1.23∗107 42.7

> 1.23∗107 54.9

Singh and Snorrason. Singh and Snorrason gave the earlier quantitative orienta-
tion for the prediction of breachingwidth. They collected data from twenty registered
failures of the dam. Breach width limits show in Eq. 1 as a function of the height of
the dam. They found that the time of failure located between fifteen minutes and one
hour [13].

2hd ≤ B ≤ 5hd and 0.25 ≤ tf ≤ 1.0 (4)

4 The Study Area

Hamrin Dam project is one of the strategic, vital, and essential projects built on the
river ofDiyala in Iraq,which is located 10 km front awaydamofDiyala, about 120 km
northeast of Baghdad, Iraq. The evaluated life expectancy of Hamrin Dam is in the
mid of 100 and 150 years. The Yugoslav firm GIK Hidrogradnja (of Sarajevo, now
Bosnia-Herzegovina) were built the dam and the attached powerhouse in the years
1976–1981. The dam’s function is for irrigation, power supply, and flood control,
(53) meters is the maximum height of Hamrin dam, and the length of a body of an
aggregate dam is (3500) meters in the river section of the old Diyala river. The crest
level height of the dam is (109.50) meters above sea level. The cross-section of an
embankment of Hamrin dam shows in Fig. 5 [14]. The up-stream and down-stream
sides consisted of filters and clay core, and it includes cladding as well as coarse
and fine filters, and from the upstream side, blocks of pre-cast concrete are used.
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Fig. 2 Typical cross-section of Hamrin earth dam [14]

Hydrologically, the potential maximum flood of Hamrin dam is designed at (70%).
The reservoir’s capacity is 3.95 billion cubic meters, and the area of the reservoir is
445 km2, with the same level of flood (107.5) meters above sea level [15] (Fig. 2).

5 The Flood Hydrograph

In the studyof a dambreak,HEC-RAS (HydrologicEngineeringCentre’sRiverAnal-
ysis System) Version 5.0.7, 2010 used for routing the inflow hydrograph throughout
the reservoir and the breach outflow hydrograph throughout the river downstream.
The unsteadyflowmodel forHamrin dambreak developedwithin theHEC-RAS.The
dam breach analysis includes routing of the outflow hydrograph from the dam that
breached throughout the downstream of the river from the dam up to the boundary
of the downstream. This will require the elevation data for the reservoir and the
cross-section’s elevation data for the river, including a flood plain. For this study,
the Digital Elevation Model (DEM) 12.5*12.5 was used as the elevation data source
[16] (Figs. 3 and 4).

6 Results and Discussion

Different scenarios have been applied for each selected method. Table 6 shows the
breach parameters estimates for reservoir elevation for Hamrin lake equal to 107.5m.

HEC-RAS model was used to calculate the flood hydrograph resulting from
Hamrin dam breach for several approaches and under various scenarios (107.5 m,
104.5 m and 101.5 m), as shown in Tables 7 and 8. The results show that Froehlich
[8], Froehlich [9], and Macdonald and Langridge-Monopolis are overestimated the
maximum flow discharge since the resulted breach size more significant than the
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Fig. 3 RAS-Mapper

Fig. 4 Breach data for downstream of Hamrin dam

downstream of the body dam. The USBR method gives a reasonable maximum
discharge depending on the final shape of the breach (Fig. 5).
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Fig. 5 Flood hydrographs for different elevations of the reservoir using USBR approach

Table 6 Summary of the breach parameters estimates for reservoir elevation 107.5 m

Method Bottom width of the
breach (m)

Side slopes of the
breach (H:1 V)

Time failure of the
breach (hrs.)

Froehlich [8] 510.8 1.4 14

Froehlich [9] 432 1 11

Macdonald and
Langridge-Monopolis

203.7 0.5 1.5

Von Thun & Gillete 123.65 1 1

USBR 82.5 1 1

Singh & Snorrason 185.5 0.5 1

Table 7 The maximum discharge for all scenarios

Methods Reservoir elevation (m)

107.5 104.5 101.5

The maximum discharge in (m3/hr)

Froehlich [8] 60,611.04 58,697.32 56,849.32

Froehlich [9] 61,909.64 58,128.45 54,472.19

Von Thun & Gillete 27,397.59 26,302.32 24,867.08

Macdonald and
Langridge-Monopolis

40,070.32 44,562.13 50,028.46

USBR 19,683.54 18,202.13 16,472.23

Singh & Snorrason 36,952.66 18,315.31 16,353.33
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Table 8 Time to reach the maximum discharge for all scenarios (hrs)

Methods Reservoir elevation (m)

107.5 104.5 101.5

Time (hrs)

Froehlich [8] 13 13 12

Froehlich [9] 11 12 11

Von Thun & Gillete 1 1 1

Macdonald and Langridge-Monopolis 2 2 2

USBR 1 1 1

Singh & Snorrason 1 2 2

7 Conclusion

The Flood hydrographs resulting from the dam breach are studied by applying six
common approaches of the breach to Hamrin dam. To cover the overtopping failure
mode, different scenarios were used. In addition, three levels of the reservoir for each
approach were considered. Here are some concluding observations from the study.
The following can be concluded:

• Methods of Froehlich [8], Froehlich [9] andMacdonald andLangridge-Monopolis
have overestimated the maximum flow discharge since the resulted breach size
more significant than the downstream of body dam.

• The USBRmethod gives a reasonable maximum discharge depending on the final
shape of the breach.

• Froehlich [8, 9] also shows a significant value of time to reach the maximum
discharge (time of failure).
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Manufacturing of Small-Scale Flume
to Assess the Riverbank’s Settlement

Asad H. Aldefae, Rusul A. Al-Khafaji, Wissam H. Humaish,
and Evgeny K. Sinichenko

Abstract This paper includes designing, manufacturing, and testing a flume appa-
ratus to simulate hydraulic and geotechnical problems occurring in natural rivers and
open channels. The length of the flume is 247 cm, 80 cm wide, and 44 cm in height.
The device’s design was tested under physical modeling conditions by studying
the failure mechanism that occurs in riverbanks as a result of the effect of water
flow velocity in short-term and long-term flow duration and the type of soil used.
Many laboratory tests were initially conducted to determine the properties of the soil
sample. Then by applying specific limits of velocity, it was possible to determine
the failure mechanism that occurs under these conditions, which has shown good
compatibility with the type of failure in the prototype scale. The device consists of a
steel frame, storage tank, pacification tank to restrict the flow of water that is drawn
from the storage tank by the pumpwhere a relatively large size pump has been chosen
to reduce the number of revolutions per minute, conveyance pipes to transfer water,
control valve to control the discharge, and the power switch. The walls and the base
of the flume are made using Plexiglas plates. The main calibration results show an
actual failure mechanism for the riverbank’s existing Tigris River soil model and the
other two models as references. The average of two side riverbank’s settlement was
19.4 mm at long-term conditions (24 h of channel operation), whereas it was around
11.6 mm in the short term (4 h of channel operation). This behavior shows that most
settlement occurs quickly due to the mobilization of the tension cracks along the
banks.
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1 Introduction

The stability of the riverbanks is one of the most critical factors that must be consid-
ered by government agencies and municipal offices due to their effect on the stability
of facilities near these banks [1–3]. Collapsibility of riverbank’s leads to severe
damages and subsequently loss of land due to problems of flood control changes in
river level [4], increase in sediments, and thus the effect on the speed of drainage of
these sediments along the course of the river [5, 6], as well as the effect on the water
storage capacity in dams [7]. The importance of studying the stability of riverbanks
and investigating the causes of failure is to avoiding similar failures and determining
the cause of riverbank failure and then the necessity to choose the appropriate type of
treatment that meets the hydraulic requirements at the lowest cost [8, 9]. The study
of river banks’ stability can be classified as major complex studies due to the interac-
tion of many parameters with each other (i.e., geomorphological factors, hydraulic
factors, and engineering factors [10, 11]). Researches in geotechnical engineering,
hydraulic engineering, andwater engineering havewitnessed a distinguishable devel-
opment in methods and measurement techniques and studying the phenomena that
affect the stability of the riverbank [12]. Researchers widely use physical modeling,
and it witnessed the massive development in collaborating with measurement tech-
niques that can be utilized to assess the stability of the river bank and it has been
widely captured different phenomenon in many studies on different catchments area,
dams, and rivers around the world [13–15]. The physical hydraulic model represents
a prototype of the state of hydraulic flow in reality, where the boundaries can be
changed (i.e., the bottom and sides of the model within a certain limit) in addition
to the possibility of controlling the flow conditions to suit the study condition. The
purpose of constructing the hydraulic physical model is to test the design to ensure
the structure’s safe operation as it has an important role in the decision-making stage
by helping to visualize the state of the flow field before choosing the appropriate
design.

Several years ago, the research centers around the world started towards designing
and manufacturing physical modeling in the laboratories by postgraduate students as
it representing an alternative method to imported devices to increase students’ skills,
and provide a wider field for experimental activities and thus improve the quality of
scientific laboratories [16–20]. Many attempts were made in various countries of the
world to manufacture laboratory flumes for multiple purposes. At the University of
Manitoba in Canada, a flume device was fabricated to measure erosion. The flume’s
length reached 243 cm, the width was 10 cm, and the height of 5 cm. The function of
this device is specific, which is tomeasure the percentage of erosion only.Many other
research facilities have manufactured flume devices and advanced technologies, but
they did not consider the provision of all the influencing hydraulic and engineering
factors. At the University of Tokyo in Japan, a flume device was manufactured from
acrylic, with dimensions of 150 cm in length, 10 cm in width, and 15 cm in height,
to study the effect of slope on sediment load, but this design did not provide the
possibility of studying the impact of flow velocity or the geometry of the channel. At
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National Chung Cheng University in Taiwan, a flume device was also manufactured.
It was 75 cm in length, 25 cm in width, and 25 cm in height. This design aimed to
study the effect of rain on the surface topography and the amount of soil erosion
(Fig. 1).

From what has been mentioned above of the art and previous designs, it is clear
that most of the flume devices manufactured usually serve one purpose only in other
words that the possibility of studying all hydraulic, engineering, and geomorpholog-
ical factors have not been combined in one device. Accordingly, the flume device
was manufactured in the College of Engineering laboratories at the University of
Wasit (where the design was done) that can be used in the study of many hydraulic
and geotechnical phenomena that occur in natural rivers and open channels. The
dimensions were chosen, and the parts of the device were connected precisely to
overcome the above-mentioned obstacles and reach the closest state of the flow in
natural rivers.

Fig. 1 a Erosion measurement device at University of Manitoba and b An acrylic flume device
at University of Tokyo
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2 Parts of the Designed Flume

The device that was manufactured locally in the laboratories of the Department of
Civil Engineering at the College of the Engineering/University of Wasit consists of a
group of major and minor parts that work together to perform the required purpose of
its installation, taking into consideration the physical modeling criteria in choosing
the dimensions of the design. Figure 2 shows the detailed parts of the designed flume,
and it will be explained in detail in the following paragraphs.

Main Frame. Previous researchers used different materials in manufacturing
flume devices with different dimensions. In this device, the device’s main body parts
were manufactured and connected from an iron frame using square iron sections
that hold both the storage tank and the pacification tank. The flume walls are made
of transparent glass sheets (Plexiglas plates) with a thickness of 1 cm; the purpose
of selecting them is to be able to observe the pattern during the examination. The
dimensions of the flume were determined according to the distorted model’s scale
method used in modeling rivers, where a different scale is used for both the longi-
tudinal direction and the latitudinal direction. The typical scales used were 1000: 1
for the longitudinal direction and 500: 1 for the transverse direction. These measures
were determined concerning the length and width of the Tigris River, which was
considered a model for the study, taking into account the neglect of a certain distance
at the beginning and end of the flume because the phenomena that occur in these
areas are not within the subject of the study.

Storage Tank and Pacification Tank. The function of the main tank is to store
the water that circulates in the device, with a volume of 1 cubic meter; this tank
contains inside it a cross barrier that acts as a filter to prevent fine grain soil particles

Fig. 2 Main parts of manufactured flume
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Fig. 3 Detailed parts of the manufactured flume

from crossing between different sides of the tank to avoid damage to the actuator.
Water is moved from the pump’s main tank and travels through the pipelines to enter
the pacification tank. The main tank has a volume of 0.225 cubic meters, containing
inside it a pacification system (Baffle system), which is a cross-sectional barrier
intended to increase the flow path to move away as far as possible from the source
of pumping and thus restrict flow movement before the water enters the flume. The
pacification tank’s front side height is designed to be the same level as the flume
height to store the water so that the level remains the same level of the water inlet,
and thus it comes out realistically as occurs in natural rivers. A vertical gate is welded
and connected at the end of the flume through which it is possible to control the depth
of the water. Another tube connecting between the storage tank and the dulling tank
is called the release pipe, and it was essential to allow the drainage to be controlled
by a valve, see Fig. 3a.

The Actuator (Pump). A mechanical actuator (pump) with a specific capacity
was used to reduce the number of revolutions per minute, as shown in Fig. 3b. In this
way, the flow could be controlled easily in addition to the presence of a pacification
system (Baffle system) in the pacification tank to achieve the required speed, which is
the average speed of the Tigris River (case study in the calibration section). Thewater
flows by a simple mechanical action is controlled by the pump under the mechanism
of the pumping system that consists of three stages, the stage of entering the water
at the moment of operation through a part called the inlet where the liquid pressure
is low at this stage, after that the stage of liquid containment during a process inside
the named part casing. The final stage, which is the exit of the liquid through the
outlet, or what is called the discharge part, where the liquid pressure is high at this
stage. Inside the pump, there is also an installation called the fan (Paddle), which
is responsible for the movement of liquid through the pump, the type of fan that
determines the type of pump.
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3 Test of Models

A test program was performed to assess the stability of natural riverbanks and inves-
tigate the failure surface mechanism, and the amount of the riverbank’s settlement as
the stability of the riverbanks is strongly influenced by the water flow velocity with
different flow periods. Also, study the effect of tension cracks on failure mechanism
by its influence on failure angle. Three samples were tested in the manufactured
device, and all the tested models have similar preparation procedures, except that
the first model was an actual model, where the soil used was 100% natural collected
soil from the banks of the Tigris River. The second model is a virtual model (i.e.,
man-made model) in which the soil type was mixed between the Tigris river natural
soil and sandy soil (i.e., 50% each). The test period for each of the models mentioned
above is (5 h) short-term flow duration. The third model is also an actual soil model,
as explained in the first model, but the channel’s flow remains for 24 h (i.e., long-term
flow duration). After the properties of the used soil sample were determined through
laboratory tests, a soil density calibration was performed using a hammer specially
made for this purpose to achieve the actual field density in the model (see Fig. 4).

The design of the channel dimensions and the side slope was done using the
Manning equation; then, the channel was built inside the flume by performing the
following steps:

(a) The soil was placed in the flume in multilayers. Each layer is compressed and
compacted in a certain ratio using a hammer specially made to achieve the
desired density, as explained before, after marking the walls of the flume to
determine the design dimensions of the channel (i.e., Fig. 5).

(b) To achieve the required side slope, a wooden board (see Fig. 6) was used that
extends along the flume and was fixed on both sides during the process of soil
application and compaction, and then it was removed after the completion of
the process.

Fig. 4 Soil density calibration using manufactured steel hammer
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Fig. 5 Designed dimensions of the channel with marks

Fig. 6 Building a side ramp using a wooden board

(c) To control the flow turbulence occurs at the beginning of the channel, a stone
cladding treatment of half a meter was used [14].
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4 Operating, Measuring Equipment, and Control Unit

Flow Control Valve. It is a tool used to control the rate of fluid flow in the pipes as
it has a passage with a variable flow area; the control valve plays an essential role in
achieving the optimum performance of the hydraulic system (see Fig. 7).

Flow Meter Device. An open channel flow velocity meter is a tool for measuring
the amount of fluid passing through a certain medium during a unit time. The used
device provides the ability to measure the velocity of water flow with an accuracy of
∓ 2% (see Fig. 8).

Fig. 7 The valve used to control the flow

Fig. 8 Flowmeter device; a control panel box, b small fan
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5 Differential Linear Displacement Sensor (LVDT, Linear
Variable Differential Transducer)

Linear displacement measuring tool of 10 mm, made by the English company ELE.
The LVDTs were installed at two different locations on the bank’s surface of the
channel model to measure the soil settlement (i.e., Fig. 9).

Finally, the failure mechanism behavior was recorded by capturing short photos
and videos with a high-speed camera.

Data Logger. It is a multifunctional device: Wi-Fi, Ethernet, USB. The device’s
working principle is to acquire data in large numbers while being able to control
it with high accuracy. Its small size characterizes the device as its dimensions are
(175, 75, 25 mm), and it can work at a temperature ranging from (−40 to + 85 °C).
The device was used to capture data from the displacement sensor of the amount of
settlement in the banks’ soil (see Fig. 10).

Capture and Save Data. A sub-program was created that works as an interface
to transfer data from the test sensor to the data processor during the examination,
using the Labview program’s basics from the National Instruments Company in
the College of Engineering at Wasit University. To ensure that the sensors are not
damaged, consideration has been given to the parameters that must be adopted in
terms of the power supplier and the sensor voltage’s maximum values (Fig. 11).

Fig. 9 Linear displacement sensor (LVDT)
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Fig. 10 The general form of connection system and data processor

Fig. 11 LabView Interface of the program for capturing and saving data

6 Model Test Results

The experimental test results, soil erosion calculations were made by applying the
theories and equations of previous researchers and failure angle calculations using
experimental results of tension cracks. Full details of the tested models, flow condi-
tion, procedure, and the soil used in this paper can be found in detail in [9]. As
for the failure mechanism results, it was determined the type of failure, and the
reasons leading to its occurrence. The results of riverbank settlement were obtained
directly using the displacement sensor (LVDT), which varied between the three
models due to their being highly affected by the flow period and soil cohesion,
where the highest value of soil settlement was recorded in the actual model (The
actual model heremeans that the soil specimen is collected from the Tigris riverbanks
in Al-Kut City (180 km south the Capital, Baghdad) with the long-term and short
term flow period (see Figs. 12 and 13). In the long term flow period, the settlement
was (19.5 mm), while the lowest value was in the actual model with the short-term
flow period (9.4 mm), while in the non-actual model (mixing of 50% sandy soil and
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Fig. 12 Results of soil settlement for the actual models

Fig. 13 Results of soil settlement for the non-actual model

50% collected from the site), the value of soil settlement was (16.4 mm) because the
type of soil cohesion was tiny compared to natural soil since the non-actual model
contains a proportion of sand. Results were compared with previous researchers, and
the concordance was good. Depending on the experimental test results and using one
of the statistical analysis programs, two empirical equations were derived: calcu-
lating the percentage of the settlement in the banks’ soil and the other for calculating
the angle of failure of the slope. Analytical Numerical and analytical solution was
also performed using finite element and dimensional analysis [9, 11] which are not
mentioned in this paper, and the compatibility was well-recognized, as the error rate
ranged between (1.8–6.9%).
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7 Conclusions

In addition to what was mentioned above of the parts that together formed the
Flume apparatus, which can simulate many hydraulic and geotechnical phenomena
that occur in natural rivers and open channels, this locally manufactured device is
distinguished by the following (i) Several factors contribute to the destabilization of
the riverbank, which includes hydraulic factors, geomorphic factors, and geometric
factors; (ii) Manufacture of a physical model that simulates rivers (the Tigris River
in particular) based on the principles of physical modeling in terms of hydraulic
and engineering design; (iii) Using the distorted model’s scale method for modeling
rivers to determine the dimensions of the flume concerning the length and width of
the Tigris River for the first time in Iraq and (iv) The possibility of controlling a wide
range of speed limits, either very low or high speed, thanks to the delicate design of
the calming tank with the use of a relatively large capacity pump.

• To understand the main reasons of the collasibility of the riverbank’s that led
to severe failure, The small scale flume model is designed, and a simple river
simulation is performed to determine the necessary treatment for the failed parts
of the banks with the limits of the hydraulic requirements to prevent the failure
occur in the future. Also, to obtain stable slopes, it is highly recommended to
know any changes that happen in the bank’s soil properties along the slope under
different circumstances of factor changes that lead to severe failure.

• The calibration of the settlement of the riverbank’s model results using the
designed flume device showed good agreement with the actual comment settle-
ment at the prototype scale. Most of the settlement occur at the short time channel
operation (11.6 mm ar 5 h. Channel operation) whereas only 19.5 mm is noticed
at long term operation (i.e., 24 h.)

• The experimental test results showed that the manufacturing of the small-scale
flume replicated the required objective of this paper. The physical model can
represent an actual phenomenon that occurs in natural rivers and the water flow
in open channels to a large extent.

• The small-scale flume can be used for future studies in the field of hydraulic
geotechnical and geoenvironmental engineering using many types of soil. It can
be used in many applications such as the effect of changing water levels on slope
stability, the effect of meandering rivers on soil erosion and sediment transport,
testing different treatment methods for river banks according to different condi-
tions to determine the best treatment type that provides the hydraulic require-
ments at the lowest cost, study the management of gate operation and its effect on
river scour, study the effect of (Backwater) on open channels and study of wave
formation in open channels.

• Riverbank collapsibility is strongly influenced by the erosion of the fine-grain
bank’s soil. Erosion rate is depending on the fluid shear stress in collaboration
with the critical shear stress and the flow velocity.
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Groundwater Analysis Based
on the Hydrogeological Model
of Taichung Basin, Taiwan

K. J. Shou and C. C. Pan

Abstract In this study, a hydrogeological model was established and applied for the
analysis of flooding potential in Taichung Basin. The groundwater level data from 10
monitoring stations in the past 10 years were used to calibrate the hydrogeological
model, before used to predict the groundwater conditions for the extreme scenarios
of climate change. The results revealed that Taichung City was influenced by the
groundwater recharge effects of Dajia River in the north, the border of Dadu Plateau
in the west, Dali River in the south, and the no-flow boundary of Chelungpu Fault
in the east. In general, the groundwater level in the Taichung basin was higher in
the north and lower in the south. Most areas of the Taichung basin exhibit a seepage
coefficient around 0.1 cm/s, however, the areas to the north, near the Dajia River,
exhibit a lower seepage coefficient around 0.02 cm/s. The results suggest that the
southern part of Taichung basin possess the potential of flooding induced outflow of
groundwater. The flooding due to surface flow could be stagnated by the groundwater
as well.

Keywords Groundwater · Hydrogeological model · Gravel formation · Flooding
potential ·MODFLOW

1 Introduction

Groundwater considerably contributes to water resources in Taiwan area. However,
excessive groundwater withdrawal and impact of climate change have significantly
affect the groundwater condition, and need to be analyzed in more details. This paper
addresses the situation of the groundwater located in the gravel layer of Central
Taiwan. The groundwater level of Central Taiwan is located between five to eight
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meters beneath the ground level [1–3]. This gravel layer exhibits a high seepage coef-
ficient and fast groundwater flow.However, numerous factors can be held accountable
for changes in the groundwater level [4, 5].

To further evaluate the correlation between rainfall and groundwater levels, this
study focused on 10 groundwater monitoring stations in Central Taiwan as research
targets and conducted a numerical analysis of the groundwater level measurements
and rainfall station data in this region. The researchers aimed to gain a deeper under-
standing of the groundwater distribution in the gravel layer of Central Taiwan, and
further analysis on the flooding potential in the study area.

2 Numerical Analysis Software and Theory Introduction

This study used the Modular Three-Dimensional Finite-Difference Ground-Water
Flow Model (MODFLOW), which was adopted by the United States Geological
Survey in 1988 as a numerical simulation software program to simulate the three-
dimensional flow of groundwater in porous media. This analytic numerical solution
employs a finite difference method to compute groundwater flow data. MODFLOW
generates grids similarly to those of finite elementmodel software programs, inwhich
numerical analysis are performed in grids created through meshing. MODFLOW
divides the region selected for analysis into numerous meshes, which are similar to
the elements used in a finite element model.

Groundwater flow data are computed using the following preexisting partial
differential equation with fixed density values:
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where Kxx , Kyy , and Kzz represent the seeping coefficient of coordinate axes x, y,
and z, respectively. Furthermore, the coordinate values of the three coordinate axes
are assumed to be anisotropic. h represents the potentiometric head (L). Variable h
is the function of x, y, z, and t and can be expressed as h(x, y, z, t). W represents the
volumetric flux of groundwater sources or sinks. The unit is (T−1). W < 0 and W > 0
indicate that groundwater is leaving and entering the system, respectively. SS is the
specific storativity of the porous medium. This value represents the amount of water
that flows out of a unit volume of the aquifer when the water pressure head value is
increased by one unit.

The initial conditions and boundary conditions are combined and introduced into
Eq. (1), that describes the transient three-dimensional groundwater flow in non-
homogenous and anisotropic media (x, y, and z coordinate axes). Subsequently, the
researchers conducted an onsite investigation to identify inactive cells, which are
defined as regions that groundwater cannot flow in. The groundwater flow computed
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in MODFLOW can only flow in active cells, thus comprehensively and accurately
representing the actual conditions in the region [6–8].

Equation (1) displays the finite difference groundwater flow calculation and indi-
cates that the influx and out-flux of each grid square must be equal to the storage
variation of the grid square. By assuming that groundwater has a fixed density,
the groundwater quantity balance equation is presented as the following continuity
equation:

∑
Qi = Ss

�h

�t
�V (2)

where
∑

Qi represents the total influx and outflux quantity of the unit grid square.
Ss represents the hydrophobic parameter, namely the specific storativity coefficient.
�V represents the size of the grid square. �h/�t represents the water pressure head
value variations during �t.

Then, any element in the MODFLOW grid (i, j, k) can exchange water with its
six other neighboring elements, namely (i − 1, j, k), (i + 1, j, k), (i, j − 1, k), (i, j +
1, k), (i, j, k − 1), and (i, j, k + 1). Each of the six neighboring elements accounts
for six neighboring grid squares. By integrating the six grid squares into Darcy’s law
equation, the groundwater flow from (i − 1, j, k) to (i, j, k) is as follows:

Q(i− 1
2 , j,k) =

(
K R(i− 1

2 , j,k)

)
(�Ci )(�Vk)

h(i−1, j,k) − h(i, j,k)

�r(i− 1
2 )

(3)

where h(i, j,k) represents the water pressure head grid square unit (i, j, k). (�Ci )(�Vk)

represents the size of the plane vertical to direction i.�r(i− 1
2 )
represents the distance

between nodes (i, j, k) and (i− 1, j, k). K R(i− 1
2 , j,k) represents the seepage coefficient

between grid squares. Equation (3) is the groundwater flow equation for a single
direction and is applicable for all six directions (Fig. 1).

Fig. 1 Six directions of the simulation grid
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3 Research Site and Data Collection

This study adopted Taichung City as the modeling site to provide reference data
for quick and accurate analysis of the groundwater flow under the city in case of
excavation required for urban construction purposes and to facilitate the dewatering
process during excavation [7, 9]. Subsequently, this study aimed to unveil an optimal
solution for estimating rainfall to facilitate smooth construction processes. The
model area encompassed multi-layered self-recording monitoring wells in several
stations, namely Tai’an, Tanzih, Sihjhangli, Dongshan, Jhongshan, Fongjhou, Jian-
ping, Wurih, Dali, and Cicong, which are illustrated in Fig. 2. Additionally, ground-
water station data from 2008 to 2018 were selected as the actual observation data for
analysis and simulation within the research area because the dataset exhibited high
completeness.

4 Historical Rainfall Distribution

To identify the rainfall distribution in the Taichung basin, this study collected rain-
fall data from Central Weather Bureau stations, including Dakeng, Chong-chu-lin,
Dadu, Dali, Tan-zi, Wurih, Xi-tun, Nan-tun, Daya (Central Taiwan Science Park),
Fengyuan, Taichung, Ton-lin, and Shengang. This study used rainfall data from the
past 10 years for follow-up analysis and to serve as the source for actual observation
data input under the model parameter settings. Subsequently, the Kriging method
was adopted to analyze the rainfall distribution in the research area. Figures 3, 4, 5
and 6 display the comprehensive mean monthly rainfall and mean monthly rainfall
data for the past 10 years collected by the monitoring stations.

Observing themeanmonthly rainfall of themost representativemonitoring station
in the theTaichung basin, that is, Taichung station, revealed that themean annual rain-
fall in Taichung City was 1,708.9 mm. The city’s wet season was between April and
September, thus exhibiting increased rainfall fromMay toAugust and themost impor-
tant rainfall in August. During the wet season, the mean monthly rainfall exceeded
102.5 mm. By contrast, the city’s dry season was between October and March of the
following year, with the lowest amount of rainfall occurring in October. During the
dry season, the mean monthly rainfall was below 51.6 mm.

5 Historical Groundwater Levels and Analysis

The oldest groundwater level data recorded by monitoring stations in the Taichung
basin date back to 1975 and were recorded by the Cie-Lao Elementary School moni-
toring station. At the time, the Cie-Lao Elementary School monitoring station did
not have modern monitoring systems such as an observation function for different
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Fig. 2 Location of the monitoring wells in Taichung and the research site of this study
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Fig. 3 Comprehensive mean monthly rainfall of the Dakeng station

Fig. 4 Mean monthly rainfall of the Dakeng station in the past 10 years

Fig. 5 Comprehensive mean monthly rainfall of the Taichung station

aquifers. Since 1991, the Ministry of Economic Affairs of the Executive Yuan has
promoted a groundwater monitoring network program in Taiwan. Currently, the
distribution planning and the construction of monitoring stations are ongoing. The
Taichung basin possesses 21 groundwater monitoring stations. The research scope
of this study encompassed the multi-layered aquifer self-recording monitoring wells
established by theWater Resources Agency of the Executive Yuan, including Tai’an,
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Fig. 6 Mean monthly rainfall of the Taichung station in the past 10 years

Tanzih, Sihjhangli, Dongshan, Jhongshan, Fongjhou, Jianping, Wurih, Dali, and
Cicong. Figure 7 displays the location of each station. Groundwater station data from
2008 to 2018 were used as the actual observation data for analysis and simulation
within the research area given that the dataset exhibited high completeness.

The aforementioned water level elevation from the groundwater monitoring
stations indicates that Taichung’s groundwater level is influenced by the terrain,
which descends from north to south. A comparison with the aforementioned rain-
fall distribution graphs reveals that Taichung City exhibits the highest water level
in August (Figs. 9 and 11). In addition, different groundwater applications and
distances from the recharge source may have varying influences on the spatial and
temporal distribution of groundwater levels. Figure 10 indicates that the water level
of Fongjhou station is greatly influenced by the recharging effect of Dajia River,
which is situated north of the station. This resulted in the Fongjhou station exhibiting
substantial changes in its water levels. Figure 8 depicts that theWurih station exhibits
a 1-mwater level change annually,which is significantly less than that of theFongjhou
station. This is becauseWurih station is situated downstream ofWurih River and near
water catchment areas. Because the nearby region terrain exhibits minimal hydraulic
slopes, the Wurih station thus exhibits minor water level variations. However, the
figures reveal that some water level elevation trends do not comply with that of
the Wurih station. This difference might be attributable to agricultural groundwater
withdrawal (Figs. 12 and 13).

The actual water elevation data were used as the model bondaries to portray the
landscape elevation on the model surface (Fig. 14). The northern, western, eastern,
and southern boundaries were established as Dajia River, the border of the Dadu
Plateau, Chelungpu Fault, and Dali River situated north of Wurih River, respec-
tively. The numerical model boundaries included no-flow boundaries and fixed flow
boundaries. Table 1 lists the locations of these boundaries and explains the reasons
behind these configurations. In accordance with the rainfall data from different rain-
fall stations, this study used the Thiessen polygons to analyze the mean monthly
rainfall quantity in the research site (Fig. 15). This study determined the monitoring
range of each rainfall station to examine the groundwater level effect of rainfall.
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Fig. 7 Location of the groundwater monitoring wells established by the Water Resource Bureau
in the research area

The researchers took as reference the default settings of groundwater observation
wells from the network established by the Water Resources Bureau to determine the
seepage coefficient. Theparameter rangewas between1×10−3 and1×10−5 andwas
adequately adjustedwhen themodel was calibrated. To compute the vertical recharge
quantity of the groundwater level, this study only considered rainfall recharge and
excluded the recharge from agricultural applications. Figure 15 displays the rainfall
recharge in the moderating region of each rainfall station, which was inputted as
default value in the model for computing. A complete analysis was performed by
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Fig. 8 Mean water level evaluation of the Wurih station for the past 10 years

Fig. 9 Comprehensive mean monthly water level elevation of the Wurih station

Fig. 10 Mean water level elevation of the Fongjhou station for the past 10 years
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Fig. 11 Comprehensive mean monthly water level elevation of the Fongjhou station

Fig. 12 Mean groundwater level distribution in March obtained using the Kriging method
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Fig. 13 Mean groundwater level distribution in August obtained using the Kriging method

inputting the mean monthly rainfall quantity between March and August into the
model according to the Thiessen polygon method.

As displayed in Fig. 16, the monitored water level elevations generally complied
with the model-simulated groundwater level. However, some regions differed
between the monitored water level elevations and the model-simulated groundwater
levels. This difference might be due to the effect of the hydrogeological parame-
ters used in the model and those of the actual regions. To achieve a more accurate
seepage coefficient, this study conducted top-down adjustments and recalibration.
The adjusted seepage coefficients are displayed in Table 2.
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Fig. 14 Thiessen polygons of the research site and TWD97 coordinates

Table 1 Planning of the numerical model boundaries

Locations of boundary Types of boundary Description

Chelungpu fault No-flow boundary Fault structure

The border of Dadu Plateau Fixed flow boundary Groundwater outflow

Dajia River in the north and Dali River in
the south

Fixed flow boundary River recharge groundwater

Figure 17 displays the rainfall records from the various Taichung rainfall stations
in the past 10 years. This study selected the highest rainfall records from the March
to August; April, June, August; and April and July periods. The maximum rainfall
distribution data were applied to the model using the Thiessen polygon method, this
study adopted a landscape elevation distribution to simulate flooding scenarios.

6 Conclusions

This study referred to preexisting groundwater hydrogeological data of the Taichung
basin, groundwater level data from self-recording groundwater monitoring wells
constructed by theWater Resources Bureau of theMinistry of Economic Affairs, and
rainfall data from weather stations in the Taichung basin to simulate groundwater
levels in Taichung City. Subsequently, the researchers superpositioned the collected
terrain elevation figures to predict areas in Taichung City that could easily flood
in the event of heavy rainfall, thus proposing a seepage coefficient distribution for
Taichung City.



Groundwater Analysis Based on the Hydrogeological Model … 171

Fig. 15 Thiessen polygons of the monitoring areas of each rainfall station in the Taichung basin

According to the March mean groundwater level in the Taichung basin, this study
adopted the Kriging method to compute a groundwater level distribution of Taichung
City in the same month. Similarly, the researchers computed the groundwater level
distribution of Taichung City in August. By inputting the mean monthly rainfall
into VISUAL MODFLOW FLEX 5.1 according to the Thiessen polygon method
and adopting the boundary conditions of Dajia River, Dali River, Chelungpu Fault,
and Dadu Plateau, this study simulated the seepage coefficient distribution of the
Taichung basin. This study also revealed that the seepage coefficient for most regions
around Taichung is 0.001 m/s. However, southern regions of the Taichung basin
exhibited a lower seepage coefficient between 0.0004 and 0.0008 m/s. Overall, the
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Fig. 16 Post-precipitation water level distribution (MODFLOW)

Table 2 Seepage coefficient
of each monitoring station

Monitoring station K (m/s)

Fongjhou 0.00022

Tanzih 0.001

Tai’an 0.001

Sihjhangli 0.001

Cicong 0.001

Jhongshan 0.0008

(continued)
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Table 2 (continued) Monitoring station K (m/s)

Dongshan 0.001

Jianping 0.004

Dali 0.004

Wurih 0.005

Fig. 17 Flood diagram of the Taichung basin fromApril to August due to continuous heavy rainfall
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Taichung basin demonstrated high seepage coefficient values, which are attributable
to a thick gravel layer within 100 m below surface in the basin.

This study collected Taichung rainfall records of the past 10 years and selected the
maximal rainfall record periods, namely fromMarch to August; April, June, August;
and April and July. After inputting the maximum rainfall distribution into the model
using the Thiessen polygon method, this study simulated flood scenarios according
to the terrain elevation distribution (Figs. 17, 18 and 19).

Fig. 18 Flood diagram of the Taichung basin in April, June, and August due to continuous heavy
rainfall
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Fig. 19 Lood diagram of the Taichung basin in April and July due to continuous heavy rainfall
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Design and Manufacturing of Rainfall
Simulator Machine for the Soil Erosion
Investigation

Shereen A. Alzamly, Asad H. Aldefae, Wissam H. Humaish,
Evgeny K. Sinichenko, and Salah L. Zubaidi

Abstract The paper focuses on designing,manufacturing, operating, and calibration
of rainfall simulator machines at the College of Engineering, Wasit University, to
investigate the effect of rainfall intensity on channel sediments due to inter-rills
formation rills, gullies, and streams because of soil erosion. Due to the difficulty of
concluding the soil erosion andgenerating sediments in situ, the principles of physical
modeling were used to design this machine with variable intensity and achieve high
intensity. Steel and PVCmaterials from the local market formed the main parts of the
machine. When the raindrops impact soil, soil particles begin to erode and transport
by the runoff. The spray of raindrops causes regular removal of soil particles called
sheet erosion or inter-rills erosion, the increasing and concentrating the overland flow
led to the form of tiny channels called (Rills), then steep channels called (Gullies).
The calibration of themachine and verification of the testing showed that themachine
is applicable to use in the laboratory work to simulate the rainfall correctly and can
be used to inspect other hydraulic engineering problems.
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1 Introduction

Soil erosion is one of the most significant problems of land degradation worldwide
[1]. It is a separation and movement of soil particles [2]. Soil erosion forms have
included four main forms: sheet, gully, rill, and stream [1]. The intensity of rainfall
and slope gradient are more essential factors influencing soil erosion [3]. There are
two main factors of rainfall characteristics that control the hydrologic reaction, dura-
tion, and intensity of rainfall. Higher runoff peak is generated by longer duration
and/or higher intensity rainfall [4]. When the rainfall has high intensity, soil erosion
can evolve quickly from sheet to rill, even gully erosion [5]. In an eroding rill, the
flow concentrates and produces hydrodynamic characteristics with rising washing
out power, which drives to a fluent increase in soil erosion [6]. The effectiveness of
raindrops water influences as an energy source causing separation of the soil particles
at the soil surface causing degradation in the soil shear strength with time [7]. The
surface runoff produced by heavy rainfall leads to sediment formation and has been
affected by the previous formation of subsurface water or catchments area and water
pressure for soil [8–10]. Therefore, a reduced detachability by raindrops effect and
shear forces of runoff can occur because of increasing cohesiveness, which is caused
by a lower soil content of water and a raised negative pore water pressure. More-
over, enhancement of soil detachment by raindrop effect and dependent transport
by surface flow may happen because of an increasing period of aggregate saturation
and collapse due to air fleeing upon quick wetting, which is caused by lower water
content because of previous events of rainstorm [2]. The concentrated runoff caused
higher soil erodibility and transportability than that caused by raindrops [1].

Sediment yield is the final result of wearing away the soil by water, ice, wind,
and gravity [11]. The transportation process of sediment is started on the surface
of land when raindrops impact in sheet, gullies, rills, and streams then do it as a
channel for sediment movement [11]. These eroded sediment particles are moved
and transported to the river system, then some of themdeposited as alluvial fans along
river channels and across the flood plain, and the other part is eventually deposited
in the reservoir, lake, and sea [12]. Many of researchers worldwide designed and
fabricated a machine for simulating natural rainfall with erosion flume to find rainfall
effect on soil erosion, soil infiltration, surface runoff and drifting of a large amount of
sediment due to removing of layers of soil surface. In Valencia University, a rainfall
simulator to perform experimental tests in remote and rugged areas is manufactured
[13]. This rainfall simulator allows running experiments on a steep slope because of
its portability. The rainfall simulator can apply 0.24 m2 of water-like rainfall on the
plotted area; the rainfall intensity was (55 mm/hr), see Fig. 1a.

In Tucson/University of Arizona, a removable, controlled computer simulator,
called the Walnut Gulch Rainfall Simulator (WGRS) was designed and produced
[14]. Rainfall intensity was variable and used for the research of rainfall-runoff
erosion. This rainfall simulator has a single focal swing boom and supplies water
above a 2× 6.1 m plot area, and the rainfall simulator applies rates of rainfall ranged
from 13–178 mm/hr, with an increment of 13 mm/hr see Fig. 1b. A simple rainfall
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Fig. 1 a View of the rainfall simulator at a Valincia University. b Tucson/University of Arizona. c
Arkansas University. d Istanbul Technical University
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simulator in Arkansas University is designed, and this tool was comparatively easy
in operation and transportation from and to the field with conservation on critical
intensity, characteristics of energy, and distribution of natural rainfall [15]. The frame
of this rainfall simulator is made from lightweight aluminum pipes with a single
spraying system’s full jet (HH50W5Q) nozzle. This nozzle is centered at the upper
side of the rainfall simulator frame 3 m high. The operation pressure is 28 kPa of
nozzle gives an intensity of 70 mm/hr with an area of 1.5 × 2 m. This rainfall
simulator can be easily assembled or disassembled in 10 min approximately (See
Fig. 1c).

At Istanbul Technical University, a rainfall simulator for laboratory experiments
was developed and manufactured to simulate natural rainfall conditions with reason-
able accuracy [16]. Rainfall intensity from 45 to 105 mm/hr, coefficient of unifor-
mity ranged between 82 to 89%, the height of raindrops is 2.43, the slope of erosion
flume that accompanies this rainfall simulator is up to 20% in the longitudinal and
lateral direction (i.e., Fig. 1d). In South Korea (Kikam Institute for Geosciences)
2013, a device has been invented for simulating the rainfall (the patent number is
(KR101113267B1) based on the vibration principle of a platform containing several
nozzles which automatically get down the drops because of the platform vibration.
This invention’s problem is the intensity of the drops falling, which depends on the
starting velocity, was not taken into consideration as well. The hydraulic control in
the density of raindrops is not available, and the rainfall intensity cannot be changed
[17]; see Fig. 2.

InChina, Sichuan university [16], the numbered patent (CN204008636U) in 2014,
a rainfall simulator invented to study the rainfall effect on the cultivated soils. The
rainfall simulator was very simple, but there was a problem in the movement of the
pierced platform to different height for the free-falling of the raindrops in addition
to the same size of the holes in the platform to fall the raindrops which make the
change of the rainfall intensity challenging to control on it by the pump. This is
entirely inverse to the invented rainfall simulator machine, in which the opening of

Fig. 2 Rainfall simulator machine in a South Korea/ Geologic Institute (the patent number
KR101113267B1) and b China (the patent number CN204008636U)
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the nozzles can be controlled as well the flow rate controlled by the pump through the
back pipe as shown in Fig. 2b. Due to the difficult circumstances which Iraq is going
through, the ministry of higher education guided the universities to manufacturing
the machine by their researchers instead of import it to enhance the postgraduate
students’ options in making the experience of scientific research [18–20]. So, the
physical modeling fundamental is used to design the rainfall simulator machine to
simulate the natural rainfall at the engineering laboratories at Wasit University. In
this modified rainfall simulator machine, different rainfall intensity can be performed
as well as the water in the tank that was fixed for being a main source of the water
make recycled and goes via a small gate to the tank again after the raining simulation
whereas electrical fan to simulate the rainstorm as similar to the natural rainstorm
and to give a slope to the raindrops.

2 Design of Rainfall Simulator Machine

The rainfall simulator machine is manufactured in the laboratories of Engineering
College/Wasit University. This machine consists of many main and secondary parts;
they work together to design the machine with maintaining the principle of the
physical modeling to study the rainfall effect on the soil.

Main Frame. The rainfall simulator machine’s main structure contains a steel
frame, storage tank, pump, fan, nozzles, two control valves to set rainfall intensity,
and erosion flume with dimensions of 200 cm long, 96 cm width, and 37 cm depth.
The storage tank has a volume of 1 cubic meter and contained two transverse barriers
to prevent the sediment particles fromarriving to the other side of the tank and causing
malfunction to the pumpbecause thewater has been recycled. Thewater iswithdrawn
from the tank by the pump to the conveyance pipes and then transported to the nozzles
to simulate the rainfall. The amount of water that goes to the nozzles was controlled
by the main pipe’s main valve. Figure 3 shows the details of the designed frame of
the rainfall simulator machine.

The Erosion Technique. Many researchers have designed a rainfall simulator
with erosion flume to study soil erosion by the rainfall effect. Figure 4 shows the
designed machine. In the calibration process (discussed later), the erosion flume was
sufficient to accommodate the channel’s model and shoulder. The dimensions were
200 cm in length to contain the designed channel, 96 cm in width, whereas the top
width of the channel is 36 cm and the width of the adjacent area is 60 cm, and 37 cm
in depth to contain the depth of clay fill with 36.5 cm depth.

Control Panel and Valves. Control valves are tools used to set the flow rate that
arrived to the nozzles. One of these valves used to set the rainfall intensity, and the
other used to reduce the quantity of water that reached the first valve by converting it
to the storage tank. The control panel contains a group of buttons that control on/off
switch of the electric circuit of the machine. The button of emergency is added to
the machine to switch off it if any problem happens. There are two accurate speed
regulators to control the raindrops’ velocity during raining (i.e., it can be controlled
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Fig. 3 Details of the designed rainfall simulator machine

Fig. 4 The designed rainfall
simulator machine

manually) until it reaches the desired intensity during the test. This is done by prior
calibration to get the current frequency which corresponds to the necessary speed
(the linear velocity, which controls the rise of pump velocity to control rainstorm
intensity). Timer added to the control panel to set the time needed to complete the
process (rainfall intensity), and there is a light to clarify the machine’s operated case;
if any problem appeared, the red light would switch on and off quickly (see Fig. 5).

The Actuator Pump. The pump was chosen in a certain capacity to achieve the
required high rainfall intensity. Table 1 lists the pump specification, whereas Fig. 6
shows the photo for the pump.
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Fig. 5 The control valves

Table 1 Motor (pump)
specification

Specification Grade Specification Grade

Type TWP215002 HP 2.0

Qmax 450 L/min kW 1.5

Hmax 18 m VL 450 V

C 30 μF V 220–240 ~

In 8.0 A R/min 2850

Fig. 6 The nozzles

TheNozzles Set. Conveyance pipes contain big pipes, transported pipes (transport
the water from the pump to the small pipes), and small pipes that transport water to
the nozzles (the number of nozzles is 460) in Fig. 6.
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Table 2 Fan specification Specification Value Specification Value

Type VIK-40L4S Capacity 4 μF

Voltage 220 V Frequency 50 Hz

Electric current 0.78 A Discharge 3300 m3/hr

Velocity 1300 rpm IP 54

Weight 7.2 kg – –

Fig. 7 The pump and the
fan of the rainfall machine

The Convertor Fan. The fan used to give the slope to the raindrops and make the
storm as same as the natural storm. Specification of the used fan is shown in Table
2, whereas the fan photo is shown in Fig. 7.

3 The Rainfall Simulator Machine Performance

TheRainfall Intensity. Sheet steel panwas used to calibrate andmeasure the rainfall
intensity and directly put it under the rainfall (See Fig. 8a). The machine switched
on for 30 min (the time required to achieve the high rainfall intensity as described
by Cerdà et al. [13]) and observed the level of water in the pan and determined by
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Fig. 8 a The sheet pan that
used to measure the rainfall
intensity. b The valve that
controlling on rainfall
intensity

measurement tape. The rainfall intensity was controlled by the valve, set at different
angles until recording the required intensity. In this rainfall simulator machine, high
rainfall intensity was considered during the test, and a similar procedure proposed
by Liu et al. [4] is followed. The rainfall set on 16 cm/hr, and the valve set an angle
19° (see Fig. 8b). It should be noted that though the rainfall intensity used in this
study was higher than the always observed values and it was in the acceptable range
for laboratory experiments.

4 The Rainfall Uniformity

The performance of the nozzles grid can be assessed by measuring the spatial unifor-
mity of distribution for rainfall on erosion flume. The coefficient of uniformity can
be calculated by using vessels under the rainfall area and switched on the machine
for (30 min) [2]. For this simulator, 6 vessels were used to find the coefficient of
uniformity according to Eq. 1 [14].

Cu = 100

(
1−

∑N
1

∣∣xi − x−
∣∣

Nx−

)
(1)

whereCu is the uniformity coefficient,N is the number of vessels; xi is rainfall amount
at location i, and x− is the average amount of rainfall. The uniformity coefficient =
87.75%. The more uniform the rainfall pattern when the Cu approaches to 100%.
According to reference [14], the rainfall can be considered uniform when the Cu is
higher than 80% (in some studies is higher than 70%).

The raindrop size. The raindrop size directly affects the other rainfall parameters
like terminal velocity and kinetic energy. Also, rainfall erosivity plays a significant
role in the processes of soil erosion. Therefore, many techniques were used to find
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Fig. 9 The wooden frame
and black background

the raindrop size, such as the flour method, the disdrometer, the optical method, the
radar technique, the momentum method, the stroboscope technique, the submersion
technique, the stainmethod, and the photographymethod [21].Due to the comparison
between these techniques presented by Sadeghi et al. [21], choosing the appropriate
method depends on the equipment availability. In this paper, the size of droplets can
be found by using the photography technique described in detail by Eigel andMoore
[22]. A digital high-resolution, high-speed camera (Canon 5D) is used to capture the
raindrops. The optimum focal distance of the camera is 71 mm. Black background
and wooden frame with dimensions of 55× 35 cm used to catch raindrops, as shown
in Fig. 9. The picture was taken by zooming on the center of the frame.

A software processing of Image J (Version 1.46r) is used for processing and
measuring simulated raindrops size. This software supports standard image processes
like logical and arithmetical operations between images, contrast manipulation,
Fourier analysis, convolution, smoothing, edge detection, sharpening, and median
filtering. In this paper, the method of edge detection is used to separate drops from
the background. This method is usually used to process images in many applications
like registration, feature extraction, segmentation, and identification of objects in the
scene. All drops out of the frame have been neglected and focused on the drops that
appeared in the frame (see Fig. 10). The drop diameter was calculated automatically
by drawing a straight horizontal line in the middle of the drop. According to the
image’s applied scale, every 9 pixels were equaled to 1 mm, as shown in Fig. 11.

The Raindrops Velocity. The velocity of the raindrop was measured in the labo-
ratory with the intensity of 16 mm/hr. The elongation of the drop was found as the
difference between the length and the diameter, where the diameter of the raindrop
was represented as (a), and the length of the same drop was (b), as shown in Fig. 12.
The length was calculated by drawing a vertical line in the middle of the drop. After
that, the elongation of drop calculated is 1/4000 s (the speed of camera). The velocity
of the droplets was calculated by converting the unit of the drop elongation to m/sec



Design and Manufacturing of Rainfall Simulator Machine … 187

Fig. 10 a Raindrop original
image and binary image
(black and white). b Edge
detected image of the
raindrops

Fig. 11 a Set scaling at the
software. b The outputs

Fig. 12 The different shapes
of the droplet through its
falling
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Fig. 13 The relationship
between the drop diameter
and terminal velocity

for each droplet. This procedure modified by Kavian et al. [23] is followed in this
paper (i.e., raindrop elongation converted to velocity).

According to Aldefae and Alkhafaji [20], the minimum diameter of the droplets
for the natural rainfall is 0.2mm, and themaximumdiameter is 5mm(rarely reaches 5
and 6mm). Therefore, the diameters of raindrops for the simulated rainfall are within
the acceptable range. Based on the above results of themachine calibration of rainfall
intensity, uniformity coefficient, raindrop sizes, and velocity, the rainfall simulator
machine is applicable to the laboratory work to simulate the rainfall. The relationship
between the computed rain drops size, and the terminal velocity is plotted in Fig. 13
with the natural rainfall relationship determined by Eigel and Moore [22]. It should
be noticed that the rainfall simulator machine is captured the real phenomenon of
rainfall.

The Kinetic Energy. The kinetic energy calculation is determined by utilizing
the drop-size distribution (DSD), terminal or impact velocity, and the fall height [16].
In this study, the kinetic energy calculated according to Eq. 2 [20]:

KE = 1

2
ρ

∑N
i=1 d

3
i v

2
i ni∑N

i=1 d
3
i ni

(2)

where KE is the kinetic energy, ρ: is the density of the raindrops (g/cm3) which equal
(1 g/cm3), ni: is the number or fraction of raindrops in the drop diameter interval�di
and characterized by an effective diameter di (mm), vi: is the velocity of the raindrop
on impact (m/s), and N: is the number of drop diameter intervals. The simulated
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rainfall’s calculated kinetic energy using the simulator machine is ranged from 0.72
to 28.88 Jm−2 mm−1. These values are within the acceptable range referred to in
previous studies [12, 13].

5 Conclusions

The rainfall simulator machine’s design to simulate the prototype rainfall storm
phenomenon using the physical modeling principles is essential to understand
the sediments, erosion, and other problems resulting from this phenomenon. The
following conclusions can be emphasized:

• The obtained results of the raindrops utilizing the photography technique verified
the real configurations of raindrops in prototype scale, mainly the kinetic energy
compared with rainfall on prototype scale. Thus, the designed rainfall simulator
machine achieved the primary goal.

• Uniform raining is inspected during model tests, and different intensities can be
obtained using an electrical inverter actuator (pump).

• This designed and manufactured rainfall simulator machine was essential to
provide an excellent chance for future studies in hydraulic and geotechnical engi-
neering. These are many engineering problems that can be simulated using this
machine like the effect of rainfall on surface runoff, sediment yield effect on the
cross-section of the channel, the impact of rain and the antecedent soil moisture on
soil filterability, the study of flood yield from rainfall and its effect on the channel
and the adjacent area, analysis of the rainfall effect on the riverbank stability.

• The ministry of water resources in Iraq is the beneficiary to study the sediment
yield due to the erosion resulting from the heavy rainfall, and the ministry of
agriculture to study the spring rainfall effect on the strategic crops.
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Numerical Analysis of Water and Crude
Oil Flux from Clayey Soil
by GeoStudio-SEEP/W

Amina Hamid Alwan and Aqeel Al-Adili

Abstract In this study, the finite element computer program Geo Studio SEEP/W
was used to simulate water and crude oil leakage on the top and side surface of
clayey soil. The accumulative flux increased with increasing time until a specific
quantity after that increasing the time does not cause increasing the flux quantity.
The accumulative water flux quantity (m3/sec) is less than the accumulative crude
oil flux quantity by 3.2748E-05 Section 1, 1.9600E-04 on section 2, 2.0370E-04 on
section 3, 5.1870E-06 on section 4 in the first fiveminutes. The results have shown the
accumulative quantity in both cases continues to increase parallel until minute 1320
(22 h), then the soil in the model becomes saturated. For the comparison of effects
of water and crude oil leakage on the model’s side surface, found the accumulative
water flux quantity (m3/sec) is less than the accumulative crude oil flux quantity, by
5.4760E-03 section 1, 2.1961E-04 on section 2, 2.0863E-04 on section 3, 3.3236E-08
on section 4 in the first five minutes. The accumulative amount continues increasing
for both until 1080 min (18 h), then the soil in the model becomes saturated.

Keywords Seepage · Crude oil · SEEP/W · Leakage · Clayey soil

1 Introduction

In permeable soil layers such as sand, a fluid’s flow is referring to the seepage flow.
The fluid can fill the unsaturated bottom layer’s pores and because of the gravity, the
effect passes into deeper layers. The soil must be permeable in order not to store the
water that is drained. Soil permeability is defined by the coefficient of permeability
k in m/s and is dependent on the size of the grain and the useful pore space. The
drainage water may be temporarily stored in less permeable soils. If an impermeable
soil layer or impermeable rock meets the infiltration water, infiltration can no longer
occur, and the infiltration water accumulates permanently. These underground water
accumulations are known as themovement ofwaterwithin the soil through the porous
media and are a highly complex phenomenon due to the difference in the states and
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directions in which water travels and the variation in the forces causing it to travel
[1]. In most of the world’s oil-producing countries, hydrocarbons’ leaks and spills
have become a serious concern. It is not possible to ignore or neglect the effect of
these leaks and spills on the ecosystem. One of these consequences is that they cause
a change in soil and groundwater engineering properties and behavior.

If the oil is purposely or accidentally released, the local and nearby area, including
the soil, is polluted. Not only environmentalists but geotechnical engineers face the
problem of polluted soils. Electrochemically active soil is often affected when the
environment is contaminated by liquid substances [2]. Oil contamination may occur
in water or on the ground due to spills. Crude oil contamination on the ground relies
upon a variety of elements, such as the properties of soil adsorption, the permeability
of the soil, and the coefficient of partitioning [3]. The degree of pollution relies on
the composition of the contaminant’s chemical compounds and the soil properties
[4]. Khamehchiyan et al. [5] studied the geotechnical properties of clayey and sandy
soil specimens polluted by crude oil. The result showed that the dry density, shear
strength, optimum moisture content, and Atterberg limits were significantly reduced
by raising the soil’s Crude oil content. The impact of four different types of pollutants
on the geotechnical properties of clayey soil was studied by Karkush et al. [6]. The
contaminants are kerosene, ammonium nitrate, copper, and lead, each of them in
two percentages (10 and 25) mixed with soil. The study results indicate that these
pollutants have various impacts on the geotechnical properties of clayey soil. Karkush
and Kareem [7] investigated the influence of total petroleum hydrocarbons on the
geotechnical properties of clayey soil specimens polluted in the field. The findings
showed that industrial wastewater has different impacts on a sample of clay soil’s
geotechnical properties.

Karkush and Jihad [8] The effects of kerosene on the physical, mechanical, and
chemical properties of clay soil are being studied. The soil samples are artificially
polluted with six kerosene ratios (5, 10, 20, 30, 40, and 50%) based on the soil’s dry
weight. Test results have shown that different kerosene ratios have different effects
on soil samples’ engineering and chemical properties. Specific gravity, fine particle
percentages, optimumwater content, initial and final void ratio, consolidation coeffi-
cient, index of swelling, permeability, undrained shear strength, effective parameters
of shear strength, and the rate of reduction of the initial pore water pressure are
reduced by increasing the soil kerosene content. In general, kerosene concentrations
less than 10% have mild effects on soil samples’ studied characteristics. This study
aims to study and analyze the water and crude oil leakage flow on clayey soils by
Geo studio-SEEP/W program using saturated and non-saturated soil media.

2 Methods and Materials

The first step to generate the model is by drawing it as a 2D model by the finite
Elements program Geo studio-SEEP\W. The leakage flow of hydrocarbon contam-
inants on clayey soil will be studied in this numerical method, where the type of
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soil with specific geometry value and two types of fluids will be used: water and
crude oil. With vertical/horizontal fluid flow, the model built as a case study has a
cross-section length of 1000 mm and a height of 350 mm, and as presented in Fig. 1.

The work is subdivided into two sections. The first section was to simulate the
water and crude oil leakage flow on the top surface of the clayey soil models, and
the second is to simulate the leakage flow of the water and crude oil on the side
surface of the clayey soil models, collecting the results, analyze it by using SEEP/W
routine and then compare the results. The properties of the material used in this
study are described in Table 1. The input parameters for the program are related
to these properties: the hydraulic conductivity (permeability), the volume of water
content, the coefficient of compressibility (mv) (typical value 1.0E-5) [9], unit weight
of water, and the hydrocarbon (crude oil).

The unit weight of water = 9.81 kN/m3 and the crude oil’s unit weight = 8.5298
kN/m3. The crude oil sample collected fromMajnoon oil field export line and tested
at Majnoon oil field laboratory by using DMA 4500 M device, as shown in Fig. 2
and Table 2.

The finite element mesh is the part that deals with the domain’s physical dimen-
sions, an unstructured mesh with an element size of approximately 0.05 m was
chosen. The model type for the material was considered as saturated/unsaturated.
It was needed to set a water content function and hydraulic conductivity function
estimated using the Van Genuchten approach [11]. For the first simulation, two types
of boundary condition have been used, first is head/ unit flux on the centerline of the
top surface of the model to simulate the water and crude oil leakage flow, and the
second is assigning the pore water zero pressure, and as explained in Fig. 3.

Fig. 1 Model cross-section

Table 1 Material properties

Model number Type of soil Permeability k (m/s) Reference Volume of water content
(m3/m3)

1 Clay 1.0E-9 [10] 0.5
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Fig. 2 Crude oil sample test

Table 2 Crude oil sample
test result

Analysis parameters Method Result Units

Density at 60°F ASTM D 5002 0.8698 g/cm3

Fig. 3 Boundary conditions, 1 m head, and zero pressure

For the second simulation (horizontal flow), two types of boundary condition have
been used, first is a pressure head/unit flux on the left side of the model to simulate
the water and crude oil flow, and the second is assigning the pore water zero pressure,
and as explained in Fig. 4.

3 Results and Discussions

SEEP/W is a software product (version 2007) for finite elements that can be used to
model the distribution of movement and pore-water pressure within porous materials
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Fig. 4 Boundary conditions, 10 m head, and zero pressure

such as soil. It is a general analytical software for seepage that models both saturated
and unsaturated flow. The ability to model unsaturated flow enables SEEP/W to
manage a wide variety of real problems than many other seepage software items.
Two main types of analysis can be implemented by the software: steady-state and
transient. The transient analysis used in this study, and, it is describing something
that is constantly evolving. It is evolving because it takes a long period for the soil
to react to define user boundary conditions. One of the SEEP/W and transient flow
characteristics can provide the user with the quantity of fluid accumulated and the
flux on the appropriate section over time [12]. In this study, unit flux (m3/sec) was
applied to the clayey soil model once on the top surface, then on the side surface as a
case study. The defined view window is the first stage to determine model geometry
and geometry to create a Finite Element software SEEP/W model. In choosing the
right model scale and geometry, the geometry step is essential. The scale will affect
the outcome significantly. The next step is defining the properties of the material
and choosing the appropriate function and the appropriate boundary for the model’s
geometry. After completing these essential steps, the model was ready, click the
check/optimize button for checking up and for the alert about missing item, and then
click the analysis button [12].

Flow Path and Velocity Vectors. As in the conventional flow network, the
SEEP/W flux routes are not flux lines or streamlines. The flow paths are also so
close to the streamlines but not similar. The flow routes are merely a lane dependent
on velocity vectors in an element which is followed by a fall of water in steady-state
conditions. Velocity vectors are not just a beneficial method to look at the flow, it
is also to see how much flow happens in comparison to other domain areas. In its
measurement of how big the vector can show, SEEP/W uses the scale of the real
velocity so that the velocities are low or high can be displayed. Gauss point velocity
values will be utilized to determine the average x velocity and the average y velocity
by computing them, and then these values shall be combined in order to achieve a
mean rate of the velocity vector of each object. In Figs. 5 and 6, the flow path and
vectors are explained [12].

Flux Sections. For the transient flow analysis, SEEP/W can measure the imme-
diate quantities of seepage, which flows through an end-to-end portion [13]. The
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Fig. 5 Water flow path

Fig. 6 Water flow velocity vectors

subsections as identified are the fictitious streamlines from one end of the segment
to the other end. SEEP/W defines the section of user-defined flux as well as all the
subsections, the SEEP/W does also the calculations of the subsections’ total flows
throughout the section of the flux by calculating the flow for each individually [11].
Flux sections can be applied in several directions, so wherever you want to know the
flux can be drawn, in this thesis will study the total flow through the flux sections at
four locations and for all situations, near and far to the source of leakage, as shown
in Table 3 and Fig. 7.

Case Study. For the clayey soil, four scenarios were considered in this study, as
below:

Water unit flux on the top surface of the clayey soil model. In this analysis, 1
m3/sec water unit flux has been applied for the clayey soil model on the centerline
of the model’s top surface, and for a total period of 24 h, the readings have been
recorded as shown in Table 5. To investigate the flow paths, vector, and flux quantity,
series of analyses were conducted for the soil. This sensitivity analysis included the

Table 3 Flux sections location

Section number Section 1 Section 2 Section 3 Section 4

Distance from left edge of the model (m) 0.1 0.35 0.65 0.9
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Fig. 7 Locations of measured flux sections

Table 4 Accumulative flux data-water leakage on the clayey soil top surface

Time elapsed (sec) Flux (m3/sec)

Section 1 Section 2 Section 3 Section 4

300 1.0962E-05 1.0817E-03 1.0978E-03 1.5806E-05

600 4.0674E-05 2.4162E-03 2.4798E-03 5.8552E-05

1200 1.8472E-04 4.5254E-03 4.7527E-03 2.5885E-04

1800 4.0844E-04 5.7929E-03 6.2114E-03 5.6473E-04

3600 1.0287E-03 7.3039E-03 8.1982E-03 1.4366E-03

14,400 1.3056E-03 7.5684E-03 9.0918E-03 2.0966E-03

36,000 1.3626E-03 7.6420E-03 9.4504E-03 2.3272E-03

64,800 1.3585E-03 7.6325E-03 9.4594E-03 2.3346E-03

79,200 1.3583E-03 7.6323E-03 9.4596E-03 2.3347E-03

86,400 1.3583E-03 7.6322E-03 9.4596E-03 2.3348E-03

cumulative water flux in m3/sec per unit area for each section on the soil, as shown
in Figs. 8, 9 and 10 and Table 4.

Crude oil unit flux on the top surface of the clayey soil model. In this analysis,
1 m3/sec of crude oil has been applied as a unit flux on the centerline of the clayey
soil model’s surface for a total period of 24 h, and the readings have been recorded
as shown in Table 6. To investigate the flow paths, vector, and flux quantity, series of
analyseswere conducted for the soil. This sensitivity analysis included the cumulative
crude oil flux in m3/sec per unit area for each section on the soil, shown in Figs. 11,
12, 13 and Table 5.

From the comparison between the study results of the effects of crude oil and
water leakage on the top of the sandy soil model (Tables 4 and 5) with a period of
24 h, observed:
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Fig. 8 Accumulative water flux-leakage on the model’s top surface after 5 min

Fig. 9 Accumulative water flux-leakage on the model’s top surface after 24 h

• There is an increment in the accumulative flux quantity (m3/sec), as shown in
Table 6.

• There is a positive correlation somewhat between the accumulative flux and the
duration, the accumulative flux data continue increasing until about min 1320,
then, the results show there is no change in the flux quantity (m3/sec) for both
models, which means the soil in both models became saturated after 22 h.

Water unit flux on the side surface of the clayey soil model. In this analysis,
10 m3/sec water unit flux has been applied for the clayey soil model on a selected
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Fig. 10 Accumulative water flux-leakage on the model’s top surface

Fig. 11 Accumulative crude oil flux-leakage on the model’s top surface after 5 min

point at the left side face of the model, and for a total period of 24 h, the readings
have been recorded as shown in Table 8. To investigate the flow paths, vector, and
flux quantity. Series of analyses were conducted for the soil. This sensitivity analysis
included the cumulative water flux in (m3/sec) per unit area for each section on the
soil as shown in Figs. 14, 16 and Table 7 (Fig. 15).

Crude oil unit flux on the side surface of the clayey soil model. In this analysis,
10 m3/sec crude oil has been applied as a unit flux on a selected point at the side
face of the clayey soil model for a total period of 24 h, and the readings have been
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Fig. 12 Accumulative crude oil flux-leakage on the model’s top surface after 24 h
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Fig. 13 Accumulative flux–crude oil on the top surface of clayey soil

recorded as shown in Table 9. To investigate the flow paths, vector, and flux quantity.
Series of analyses were conducted for the soil. This sensitivity analysis included the
cumulative crude oil flux inm3/sec per unit area for each section on the soil, as shown
in Figs. 17, 18, 19 and Table 8.

The comparison between the study results of the influences of water and crude
oil leakage on the sandy soil model’s side surface (Tables 7 and 8) observed: There
is an increment in the accumulative flux quantity (m3/sec) as shown in Table 9.
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Table 5 Accumulative flux data–crude oil leakage on the clayey soil top surface

Time elapsed (sec) Flux (m3/sec)

Section 1 Section 2 Section 3 Section 4

300 4.3710E-05 1.2777E-03 1.3015E-03 2.0993E-05

600 5.9060E-05 2.7524E-03 2.8391E-03 8.4426E-05

1200 2.4993E-04 4.9201E-03 5.2045E-03 3.4824E-04

1800 5.1500E-04 6.1334E-03 6.6326E-03 7.1115E-04

3600 1.1348E-03 7.4592E-03 8.4559E-03 1.6025E-03

14,400 1.3198E-03 7.5902E-03 9.1622E-03 2.1402E-03

36,000 1.3612E-03 7.6387E-03 9.4537E-03 2.3299E-03

64,800 1.3584E-03 7.6324E-03 9.4595E-03 2.3347E-03

79,200 1.3583E-03 7.6322E-03 9.4596E-03 2.3348E-03

86,400 1.3583E-03 7.6322E-03 9.4596E-03 2.3348E-03

Table 6 Comparison of accumulative flux data of crude oil and water leakage on the top surface
of clayey soil

Time elapsed (sec) Flux (m3/sec) (oil–water)

Section 1 Section 2 Section 3 Section 4

300 3.2748E-05 1.9600E-04 2.0370E-04 5.1870E-06

600 1.8386E-05 3.3620E-04 3.5930E-04 2.5874E-05

1200 6.5210E-05 3.9470E-04 4.5180E-04 8.9390E-05

1800 1.0656E-04 3.4050E-04 4.2120E-04 1.4642E-04

3600 1.0610E-04 1.5530E-04 2.5770E-04 1.6590E-04

14,400 1.4200E-05 2.1800E-05 7.0400E-05 4.3600E-05

36,000 -1.4000E-06 -3.3000E-06 3.3000E-06 2.7000E-06

64,800 -1.0000E-07 -1.0000E-07 1.0000E-07 1.0000E-07

79,200 0.0000E + 00 -1.0000E-07 0.0000E + 00 1.0000E-07

86,400 0.0000E + 00 0.0000E + 00 0.0000E + 00 0.0000E + 00

There is a positive correlation somewhat between the accumulative flux and the
duration, the accumulative flux data continue increasing until about minute 1080,
then, the results show there is no change in the flux quantity (m3/sec) for both
models, which means the soil in both models became saturated after 18 h.

4 Conclusions

The following conclusions have been drawn from the study of the transient flow in
a clayey soil model:
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Fig. 14 Accumulative water flux—leakage on the model’s side surface after 5 min

Table 7 Accumulative flux data-water leakage on the clayey soil top surface

Time elapsed (sec) Flux (m3/sec)

Section 1 Section 2 Section 3 Section 4

300 4.7156E-02 4.8054E-04 2.1617E-06 4.9743E-08

600 8.5635E-02 1.8200E-03 1.2788E-05 1.9455E-07

1200 1.2690E-01 6.9305E-03 1.0810E-04 2.3310E-06

1800 1.4537E-01 1.3614E-02 3.8840E-04 1.2492E-05

3600 1.6519E-01 3.0879E-02 2.5663E-03 1.9031E-04

14,400 1.7396E-01 4.6980E-02 9.9527E-03 1.9870E-03

36,000 1.7780E-01 5.2855E-02 1.3001E-02 2.9184E-03

64,800 1.7790E-01 5.3036E-02 1.3144E-02 2.9820E-03

79,200 1.7790E-01 5.3038E-02 1.3146E-02 2.9831E-03

86,400 1.7790E-01 5.3038E-02 1.3146E-02 2.9832E-03

• In the comparison of effects of water and crude oil leakage on the model’s top
surface, found the accumulative water flux quantity (m3/sec) is less than the accu-
mulative crude oil fluxquantity, by 3.2748E-05 section 1, 1.9600E-04on section 2,
2.0370E-04 on section 3, 5.1870E-06 on section 4 in the first five minutes, and
the results shown the accumulative quantity in both cases continue increasing
parallelly until 22 h, then, the soil in the model become saturated

• In the comparison of effects of water and crude oil leakage on the model’s side
surface, found the accumulative water flux quantity (m3/sec) is less than the accu-
mulative crude oil fluxquantity, by 5.4760E-03 section 1, 2.1961E-04on section 2,
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Table 8 Accumulative flux data—crude oil leakage on the clayey soil side surface

Time elapsed (sec) Flux (m3/sec)

Section 1 Section 2 Section 3 Section 4

300 5.2632E-02 7.0015E-04 4.2480E-06 8.2979E-08

600 9.2595E-02 2.5267E-03 2.4421E-05 4.4452E-07

1200 1.3275E-01 8.9109E-03 1.8812E-04 5.2303E-06

1800 1.4983E-01 1.6567E-02 6.2376E-04 2.5605E-05

3600 1.6755E-01 3.4301E-02 3.4623E-03 3.1101E-04

14,400 1.7471E-01 4.8069E-02 1.0476E-02 2.1381E-03

36,000 1.7784E-01 5.2924E-02 1.3055E-02 2.9419E-03

64,800 1.7790E-01 5.3037E-02 1.3146E-02 2.9827E-03

79,200 1.7790E-01 5.3038E-02 1.3146E-02 2.9832E-03

86,400 1.7790E-01 5.3038E-02 1.3146E-02 2.9833E-03

Fig. 15 Accumulative water flux-leakage on the model’s side surface after 24 h

2.0863E-04 on section 3, 3.3236E-08 on section 4 in the first five minutes. The
accumulative amount continues increasing for both cases but at a lower rate,
and the results shown the accumulative quantity in both cases continues growing
parallelly until 18 h. Then, the soil in the model becomes saturated.

• There is a positive correlation somewhat between the accumulative flux and the
duration. The accumulative flux is increased with the time increasing until a
specific quantity. After that, the increase in the time not increasing the flux quan-
tity. This shows that whenever the soil is not saturated or partially saturated, pore
water rises, allowing further fluid to access the soil. On either side, when the
soil is saturated, and that occurs for a time after a flow, the pore water pressure
decreases, meaning less water enters from the external circumstances.
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Fig. 16 Accumulative Flux—water on the clayey soil side surface

Table 9 Comparison accumulative flux data of crude oil and water leakage on the clayey soil side
surface

Time elapsed (sec) Flux (m3/sec) (oil–water)

Section 1 Section 2 Section 3 Section 4

300 5.4760E-03 2.1961E-04 2.0863E-06 3.3236E-08

600 6.9600E-03 7.0670E-04 1.1633E-05 2.4997E-07

1200 5.8500E-03 1.9804E-03 8.0020E-05 2.8993E-06

1800 4.4600E-03 2.9530E-03 2.3536E-04 1.3113E-05

3600 2.3600E-03 3.4220E-03 8.9600E-04 1.2070E-04

14,400 7.5000E-04 1.0890E-03 5.2330E-04 1.5110E-04

36,000 4.0000E-05 6.9000E-05 5.4000E-05 2.3500E-05

64,800 0.0000E + 00 1.0000E-06 2.0000E-06 7.0000E-07

79,200 0.0000E + 00 0.0000E + 00 0.0000E + 00 1.0000E-07

86,400 0.0000E + 00 0.0000E + 00 0.0000E + 00 1.0000E-07

• The program output shows in somewhat the result of the study are close because
the unit weight of the used crude oil is 8.5298 kN/m3, which is close to the water
unit weight (9.81 kN/m3), and the model size is small (1000 × 350 mm).
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Fig. 17 Accumulative crude oil flux-leakage on the model’s side surface after 50 min

Fig. 18 Accumulative crude oil flux—leakage on the model’s side surface after 24 h
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Fig. 19 Accumulative flux—crude oil on the clayey soil side surface
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Evaluation of the Efficiency of a Selected
Section of the Mosul Dam Grout Curtain

Mohammed Khalid Ibrahim and Suhail Idrees A. Khattab

Abstract Mosul Dam was built on a complex foundation including
gypsum/anhydrite rocks that could be subjected to dissolution. So, the dam
requires continuous foundation grouting, maintaining the grout curtain’s effi-
ciency, controlling the seepage velocities, and reducing the internal erosion risks.
Piezometer readings are used on both sides of the grout curtain to calculate and
monitor the efficiency of the curtain to treat the sections that show a deterioration
in the curtain efficiency before others. In this study, the finite element method
using GeoStudio-2018 R2 (SEEP/W) software was used to construct a model for a
cross-section in Mosul Dam to simulations the seepage behavior through the dam
and the foundations. On the other hand, studying the distribution of the pore water
pressure on both sides of the grout curtain and calculating the net head dissipated
(NHD) and the efficiency of the curtain, with the illustration of its change with the
depth. Before and after the formation or maintenance of the grout curtain. Finally,
a comparison between the calculated pressures with the piezometer’s readings was
conducted. The main results show that the efficiency changes along with the depth
of the grout curtain, and it’s influenced by the distance between the piezometers and
the grout curtain. As the piezometer is located further from the curtain, the efficiency
values calculated through it are higher. Finally, a conclusion was attained that the
curtain efficiency of each geological layer should be evaluated independently from
the rest of the geological strata.
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1 Introduction

Mosul Dam is the largest multi-purpose dam in Iraq, and it is one of the largest
systems of storage dams in the Middle East. This dam is located on the Tigris River,
50 km north of Mosul city, as shown in Fig. 1. It was established in the period
between (1981–1986) to prevent flooding, store water through its lake with a storage
capacity of (11.11) billion cubic meters, to provide the necessary supplies of water
for irrigation and other uses, and generate electricity (750 Megawatts from the main
dam, 60 Megawatts from the regulatory dam, 240 Megawatts from the pumped
storage project) [1]. The dam is an earthen zoned dam (central impervious core)
and filter zones. The maximum height of the dam is 113 m, its width at the top
is 10 m, and its total length is 3650 m. One of the main causes of the failure in
the earth dams is the seepage from its bodies and foundations. Many studies were
conducted concerning the problem of foundation erosion and seepage inMosul Dam.

Fig. 1 Location of the Mosul dam with the general facilities (sentinel aerial photos edited by
authors using ArcMap)
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Khattab [2] studied the stability of Mosul Dam, under saturated and unsaturated soil
conditions, by numerical simulations using the finite element method. Khattab and
Khalil [3] created a numerical model to study pore water pressure development in the
embankment of the Mosul Dam. Irzooki [4] studied the efficiency and performance
of Mosul Dam with respect to the seepage. Adamo et al. [5] reviewed the foundation
treatment during the construction of Mosul Dam.

The most important factor affecting the efficiency of the grout curtain is its geom-
etry [6]. The geometry of the grout curtain means its depth, lateral expansion, and
its thickness. The depth and lateral expansion of the grout curtain are related to the
geological conditions and the hydrological regime of the dam site [7]. As for the
thickness of the grout curtain, it depends mainly on the ability of the grout mixture
to travel farther distances and penetrate the narrow cracks, fill and close it. This is
known as grout penetration radius [8]. This study aims to understand and illustrate
the change in the grout curtain efficiency with the depth and change of the geological
layers that the curtain penetrates. Studying the effect of the location of the piezome-
ters relative to the grout curtain (the depth and the horizontal distance from the
curtain), on the efficiency that is calculated based on this piezometer’s readings. By
the numerical simulations using the finite element method.

2 The Grout Curtain in Mosul Dam Foundations

The bedrock that makes up the dam foundation consists of low-quality and soluble
layers of karstic rock (marl, limestone, gypsum, and anhydrite). The layers of gypsum
(gypsum breccia) and anhydrite are subject to dissolution over time, forming voids,
cavities, and potentially large interconnected voids that could form large seepage
paths the foundation. Water flow through the foundation rock can cause foundation
and embankment materials to erode into these openings resulting in a collapse that
could threaten the dam’s ability to retain the reservoir water. The high dissolution
rate of the gypsum/anhydrite at the Mosul dam site dictates that much more inten-
sive monitoring and periodically grouting are needed for the dam to function as
designed [9]. The original design for Mosul Dam incorporated a reinforced concrete
grouting gallery at the base of the dam at the foundation/embankment contact on the
dam’s centerline for most of the dam’s length. The grouting gallery provides direct
access for grouting of the foundation under the impervious core of the dam without
requiring drilling through the dam embankment. This gallery was intended to facil-
itate a continual maintenance grouting of the foundation for the life of the project
to combat the formation of seepage pathways through the erodible foundation over
time.
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Fig. 2 The model in SEEP/W software for Mosul dam cross-section at km. 3200

3 Grout Curtain in Mosul Dam

The deep grout curtain in Mosul Dam was designed to extend along the center-
line of the dam at the base of the core, from the grouting gallery (at the base of the
embankment dam) and surface (from the service spillway to the East and on theWest
abutment). The gallery was specifically designed to deal with the considerable chal-
lenges posed by the karst foundation and allow repeated grouting efforts to continue
over the dam’s lifetime. Deep grouting curtain consists of three rows of boreholes,
downstream, upstream, and midstream. The distance between the upstream line and
the downstream line is 1.2 m. The depth of the grouting curtain ranged from 80 up
to 100 m, depending on the geological condition encountered. Figure 2 showing the
geometry of the dam body and the grout curtain location at km 3200. Note that the
top of the dam body is 340 m above sea level (m.a.s.l), and the highest operational
level is 330 m above sea level (m.a.s.l).

4 Mosul Dam Instrumentation (Piezometers)

As part of the original design of Mosul Dam, a series of various instrument types
were installed to monitor foundation dissolution/deterioration and project perfor-
mance. One means of monitoring the project’s performance including the instal-
lation of piezometers to monitor the piezometric pressure, which is installed on
the downstream side of the grout curtain or on both sides to monitor the behavior
and performance of the curtain Figs. 4 and 5. Originally, installed instrumentation
consisted of both a closed system (manually read piezometer from a manometer
gauge) and an open system (manually read piezometerwith awater level indicator/dip
meter). Between 2015 and 2019, theMosul Dam instrumentation programwas vastly
modified by the US Army Corps of Engineers (USACE) to improve the monitoring
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capabilities of the project. Automated Data Acquisition System (ADAS) was newly
installed to facilitate a much higher monitoring frequency. Also, the existing instru-
ments were automated, and the installation of new automated instruments at critical
monitoring locations. The number of Piezometers (sensors) is now up to 270. A
customized instrumentation application was developed to aid in data management,
processing, and plotting [10].

5 The Efficiency of the Grout Curtain

By constantly monitoring the readings of the piezometers. The performance of the
grout curtain could be estimated; one method is the theoretical concept of net head
dissipation (NHD), which gives an idea of the amount of seepage pressure dissipation
(hydraulic gradient) between the two sides of the grout curtain. (NHD) values can be
computed using the measured downstream piezometric pressure, reservoir elevation,
and tailwater (River) elevation as shown in Eq. 1.

Net HeadDissipated (NHD)% = (R.L − DS Piez.)/(R.L − T.L)∗100 (1)

where: -
US Piez. = Upstream Piezometers Water Total Head/T.L = Tailwater (River)

Elevation.
DS Piez. = Downstream Piezometers Water Total Head/R.L = Reservoir

Elevation.
When evaluating (NHD) values, decreasing downstream piezometric levels are

reflected by increasing (NHD) values and vice versa. (NHD) values should remain
constant through time (at the steady-state hydrostatic condition) unless boundary
conditions change (e.g., installation or change in the efficiency of relief wells,
upstream silting of seepage entrances, construction activity, clogging of toe drains,
piping) [11]. In Mosul Dam, the Swiss construction consultant recommended that
the same concept be used, but depending on the piezometer readings at the upstream
side of the grout curtain instead of the reservoir level, to calculate the efficiency of
the grout curtain (Ef) so the equation becomes as shown in Eq. 2.

Grout Curtain Efficiency (Ef)% = (US Piez. − DS Piez.)/(R.L − T.L)∗100 (2)

This method requires the presence of two opposite sensors on both sides of the
curtain (at the same depth and offset from the curtain). If only one sensor on the
downstream side is located, the reservoir level relies on calculating the efficiency.
This will lead to a difference in the comparison criteria from one location to another
or from some geological layer to another geological layer in the same location.
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6 Modeling the Dam in SEEP/W Software

In this study, the numerical simulation of the seepage conditions was considered
for a cross-section in Mosul Dam at km 3200. The location of the cross-section is
shown in Fig. 1. The model includes all the embankment material and the geological
layers that form the dam’s foundation. The model was created and analyzed using
the GeoStudio-2018 R2 (SEEP/W) software, which is based on the finite element
method. Figure 2 shown the developed model.

To obtain the most accurate geometric representation of the cross-section under
study. The construction drawings were used with geological investigations maps
of the dam foundations during the construction period. With the help of other
programs such as Geographic Information Systems (GIS) and (AutoCAD). Were
used to obtain high accuracy in representing the details of the geometric shape for
the cross-section under study [12]. As for the engineering properties, the embank-
ment material is represented as a (Saturated/Unsaturated) material model. Where
it was used (Sample functions) method to estimate the (Volumetric Water Content
Functions). Van Genuchten’s method was used to estimate the (Hydraulic Conduc-
tivity Functions) [13]. The coefficient of permeability relied on the average results
of in-site permeability tests of the embankment during the dam construction period.
The soil–water characteristic curves predicted by (Van Genuchten) model for the
embankment materials are shown in Fig. 3.

As for the geological layers of the foundations, theywere represented as a saturated
material model. The coefficient of permeability relied on the initial investigations of
the dam site. The foundation strata are represented as an anisotropy material, (kh/kv
Ratio) is the ratio of vertical to horizontal permeability usually, it is (kh > kv) In
the rock strata [14]. The model includes piezometers located at a distance of (25)
meters from each side of the chosen cross-section at km 3200. (i.e., from 3175 to
3225 km). It represented as points in the model to calculate the total water head at
these points. The grout curtain was represented according to the designer standards
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Fig. 3 The soil–water characteristic curves for the embankment materials (generated by authors
using SEEP/W)
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Fig. 4 Grout curtain, and piezometer’s locations in Mosul Dam (km. 3200) (created by authors)

Fig. 5 The model analysis results show the Phreatic line and seepage paths and the gradient of the
pore water pressure distribution, at the left side without grout curtain, at the right side with grout
curtain
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(Swiss Consultants). The depth is 100 m and divided into two parts (Upper Grout
Curtain) and (Lower Grout Curtain). The depth and the coefficient of permeability
for each part are as follows.

The Upper Grout Curtain from 0 to 30 m and its permeability ≈ 2 Lugeons ≈
2.6E-05 (cm/s).

The Lower Grout Curtain from 30 to 100 m and its permeability ≈ 5 Lugeons ≈
6.5E-05 (cm/s).

Where the Lugeon is defined as (one liter per minute of water injected into a
one-meter length of the borehole at a pressure of ten bars) [15].

1 Lugeon = 1 LU ≈ 1.3E-07 (M/s) ≈ 1.3E-05 (cm/s) (Approx.)
The seepage analysiswas done in steady-state conditions, andwith fixed boundary

conditions in upstream and downstream, the reservoir level is taken equal to
(320 m.a.s.l ± 0.5 m), the tailwater level is taken equal to (254 m.a.s.l ± 1 m),
the water head difference between upstream and downstream is 66 m in all analysis
[16].

7 Analysis of the Model and Discussion of the Results

The model was analyzed in four cases. The first case was without the grout curtain.
The rest cases werewith the presence of the grout curtain with changing the thickness
of the curtain (2.4, 3.2, and4.2)meters, respectively.The thickness of the grout curtain
depends on the grout penetration radius. The calculated pore water pressure at the
same piezometers locations was recorded and compared with the real values that are
recorded by the in-site piezometers through the Automated Data Acquisition System
(ADAS). The comparison between the actual readings of the piezometers at the site
and the results obtained using numerical modeling showed great convergence when
the grout curtain thickness is 4.2 m, as explained in Table 1 that is evidence of the
accuracy of the numerical model in representing reality.

The main goals of this research are to study the changes in the efficiency of the
grout curtain in the dissipating of seepage pressure along with its depth, explain the
effect of different geological strata with depth on the efficiency. Understanding the
relationship between the efficiency of the curtain and the piezometers’ location (the
depth of the piezometer and the horizontal distance between it and the curtain). Using
the numerical seepage model, the pore water pressure was calculated along with the
depth of the grout curtain at every meter of the depth, and vertical lines parallel to the
curtain, the distance (offset) between it and the curtain is (5, 10, 15, 20, 25, and 30)
meter, respectively, and at both sides of the curtain as shown in Fig. 4. The efficiency
and the net head dissipated (NHD) were calculated and plotted by using the pore
water pressures from opposite points on the two sides of the grouting curtain and at
different offsets from the curtain. For three Cases: The first case is without a grout
curtain. The second case is with a 3.2m thickness grout curtain. The third case is with
a 4.2 m thickness grout curtain. In the first case, the model was analyzed without the
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Fig. 6 Variation of the efficiency and net head dissipated (NHD) along imagining grout curtain
depth for different offsets from the centerline

presence of the grout curtain, as shown in Fig. 5 on the left side. The efficiency and
the Net Head Dissipated (NHD) were calculated along the imaginary grout curtain.

The efficiency and (NHD) change were plotted along the grout depth and for a
different distance (offset) from the centerline, as shown in Fig. 6. As expected, the
efficiency is zero and for the different offsets. After the depth (90 m) the efficiency
value will be increased according to the increased offset distance from the centerline.
This unexpected increase took place due to the low permeability of the layer at this
depth (JeribeLimestone\Je), relative to the permeability of the layer above it (Gypsum
Berccia\GB0), which leads to the curvature of the seepage paths, and a difference
between the pore water pressures recorded on both sides of the imposed curtain.
Thus, forming an imaginary efficiency. As for the behavior of the values of (NHD)
with the depth of the curtain, it is noted that the initial value is around (47%). This
is due to the continuous dissipation of seepage pressure along the seepage path that
starts from the reservoir until it reaches its measuring location at the rear of the
imaginary grout curtain. Of course, this value does not represent the effectiveness of
the grout curtain alone in dissipating the seepage pressure.

In the second and third cases, the numerical model was analyzed with the grout
curtain as shown in Fig. 5 on the right side and for two thicknesses of the grout
curtain (3.2 m) and (4.2 m). The efficiency and (NHD) were also calculated and
plotted in the same manner that was used in the first case. Noted from the variation
of the efficiency values along the grout curtain depth, and for a different horizontal
distance (offset) from the centerline, as shown at the left side of Figs. 7 and 8, there
is a wide range of variation in the efficiency values along the grout curtain, where
the efficiency values appear at a low value and increase almost linearly to the depth
of (37 m). From this depth up to (62 m), the value of efficiency remains constant.
After that, again, the efficiency values begin to decrease and almost linearly return
to the initial values. It is also noted that the efficiency will increase with the increase
of the displacement of the points used in the calculation from the grout curtain, vice
versa.
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Fig. 7 Variation of the efficiency and net head dissipated (NHD) along grout curtain depth for
different offsets from the centerline (certain thickness 3.2 m)

Fig. 8 Variation of the efficiency and (NHD) along with grout curtain depth for different offsets
from the centerline with the actual (Eff.) and (NHD) from the in-site piezometers readings (curtain
thickness 4.2 m)

Concerning the variation of the Net Head Dissipated (NHD) values with the grout
curtain depth, as shown at the right side of Figs. 7 and 8, the (NHD) values behave
similarly to the efficiency values. As the values increase with the increase of the
depth up to the center of (37 m) to become stable until the depth of (87 m). After,
a slight difference in the values was recorded according to the offsets of the points
from the curtain. This behavior was continued until the final depth. In Fig. 8, the real
efficiencyvalues calculated from the in-site piezometer readingswere plottedwith the
piezometer depth as a small redpoint. It can be seen it gives higher efficiency values
than the numerically calculated values, especially at the lowdepths, and the difference
increases with the increase of the horizontal distance between the piezometer and the
grout curtain. That because of considering an average value of the in-site piezometer
readings for a long period. The model predicts the asymmetry of the seepage path on
both sides of the grout curtain. This justifies the difference in the calculated efficiency
and (NHD) values with the depth. This is to be expected because of the change in the
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coefficient of permeability with the change of the geological strata. This leads to a
change in the values of the pore water pressure on both sides of the curtain, and this
difference increases with the increase of the horizontal distance (offset) between the
piezometer and the grout curtain.

8 Conclusion

Themethod of numerical analysis and simulation of the grout curtain is advantageous
in studying the behavior of the grout curtain where any change in its geometry
could be studied separately, such as increasing the thickness, increasing the depth,
or studying the effects of executing a new inclined curtain on the efficiency of the
main curtain. The most important conclusion is the following.

• The Net Head Dissipated (NHD) concept does not represent just the efficiency of
the grout curtain and the effect of the geological layers in the dissipation of the
pressure along the seepage path. The numerical analysis model without the grout
curtain gives a value for the (NHD) (45%).

• The best location to install the piezometer is near the grout curtain. Whenever
the piezometer is closer to the grout curtain, it gives a more accurate idea of the
curtain situation. It was observed that the difference in efficiency at some depths
is about 20% when the horizontal distance between the piezometer and the grout
curtain is from 5 to 30 m.

• The calculated efficiency from the piezometer readings represents the situation
of the grout curtain just at the level where the piezometer is located. And it is
illogical to generalize this efficiency to the entire depth of the curtain.

• The efficiency value of the grout curtain varies with the depth of the curtain
between (10%) and (30%).

• To obtain an accurate assessment of the efficiency of the grout curtain. The curtain
efficiency of each geological layer should be evaluated independently from the
rest of the geological strata.

• The efficiency values calculated from the in-site piezometer’s readings gave
(7%) higher values than those calculated using the numerical model because of
considering an average value of the in-site piezometer readings for an extended
period.
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Stability of Slopes Under Unsaturated
Conditions Using a Modified Upper
Bound Theorem

Bestun J. Shwan

Abstract It has been widely accepted that the contribution of suction stress has a
considerable influence on the mechanical characteristics of soils. This contribution
has demonstrated suction stress’s ability to impart strength to many geotechnical
structures such as slopes and vertical cuts through partial saturation. This paper,
therefore, reports a numerical study of the suction influence on the mechanical char-
acterization of a slope at various saturation conditions using an upper bound theorem
modified by the author. Therefore, a parametric study was carried out to examine the
influence of the suction at various ϕ′ and c′ on the stability number (N). A substantial
decrease in N was obtained for unsaturated cases when compared to the full satu-
ration. This was over and above that can be expected due to a slight rise in shear
strength parameters. A decrease of ~ 34.1% in N, equivalent to an increase of ~ 1.52
fold in factor of safety at ϕ′ = 30° and c′ = 5 kPa, was obtained when the water table
dropped 3 m from the surface (full saturation). This was equivalent to model the
fully saturated case at ϕ′ = 30° but with c′ ≈ 9 kPa. Failure mechanisms were also
studied using a variety of cases where a considerable role of suction was obtained.

Keywords Unsaturated · Suction · Numerical analysis · Upper bound · Slope
stability

1 Introduction

Many geotechnical applications such as slopes, tunnels, vertical excavations,
retaining walls, and footings can be encountered in unsaturated conditions as a result
of seasonal changes. The unsaturated conditions impart additional strength due to
partial saturation and surface tension, and subsequently, these applications can stand
up for a longer time, e.g., higher strength. However, uncertainties related to the unsat-
urated conditions have led to assume dry/saturation conditions above the water table.
To overcome these uncertainties, significant attention to unsaturated soil mechanics
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by scholars has been received in the last four decades. For example, slope stability
problems under various saturation conditions have been studied, e.g. [1–4]. Although
the researchers’ considerable contribution, however, applications of computational
limit analysis (LA) based on a rigorous upper bound theorem to unsaturated slope
problems have also been limited.

Therefore, this paper aims to examine the effects of partial saturation on slope
stability numerically using an upper bound theorem, discontinuity layout optimiza-
tion (DLO) modified by the author. A paramedic study is carried out to investigate
the effect of various saturation conditions on strength and the failure mechanism for
a simulated soil.

2 Modified DLO Approach

Shwan [5] extended the DLO approach to consider for unsaturated conditions as
follows:

min FLTd = −DTd + fTp + Uini (1)

where F is the adequacy factor, LT andDT are the live and dead loads, respectively, d is
amatrix that contains displacement vectors, fT corresponds to dissipation coefficients,
n is the normal displacement, and U is the pore water pressure and subjected to, as
it is proposed by [5]:

U = −
∫ L

0
sSr tan ϕ′dl (2)

where s and Sr (given byEq. 3) are suction and degree of saturation for a discontinuity
of length (L), respectively, and ϕ′ is the effective internal friction angle. Equations 1
and 2 were implemented in the research version of LimitState :GEO software, and
then the modified version of the software was utilized to carry out a parametric study
into the effect of various suction profiles of a slope stability problem.

3 Modeling Unsaturated Condition

The simulated material used in this study represented a fine sand. Equation 3 [6], is
used to determine the soil water retention curve (SWRC) for the simulated sand:

Sr = exp−ξ×(s−κ) (3)
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where ξ is a fitting parameter (kPa−1) and κ is the air entry suction (kPa), related to
capillary rise height, (Hc = κ/γw), where γw is the unit weight of water, see [5] for
more detail. Figure 1 displays the (SWRC). The obtained κ, ζ and residual suction
are 15, 0.05 kPa−1 (best fit), and ~ 70 kPa, respectively, see Fig. 1. Sands attain the
residual suction at suction < 200 kPa [7].

Figure 2a depicts the schematic diagram of the modeled slope. The analysis was
carried out for a 45° slope at a drained condition for a range of saturation (suction)
cases. In the simulation, suction was applied by lowering the water table’s posi-
tion (Hw) from the surface. This corresponded to lowering Hw from 3 m (from the
surface-fully saturated case) to four different Hw: 0 (origin), −1, −2, and −3 m, see
Fig. 2a. Dry, unsaturated, and saturated unit weights were 15, 17.5, and 20 kN/m3,
respectively. A series of effective angles of shearing resistance values (ϕ′ = 30, 35,

Fig. 1 SWRC for the
simulated sand
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40, and 45o) at different effective cohesion (c′ ) values were utilized for each case.
In the simulation, the soil was considered as fully saturated until Hc. Above Hc, an
unsaturated condition was considered for 1 m. Above this 1 m, the soil was modeled
as fully dry. The DLO approach was, then, validated against [8, 9] methods for the
same geometry shown in Fig. 2a at a dry condition for a range of ϕ′ and c′ = 5 kPa.
The results are shown in Fig. 2b, where N is the stability number, obtained using
Eq. 4:

N = c′

FOS × γ × H
(4)

where FOS is the factor of safety and H is the slope’s height (1.5 m). Michalowski’s
method is based on LA’s kinematic approach, where a rigid rotational collapse mech-
anism is considered. Excellent agreement of DLO with the Michalowski’s method
is obtained. In addition; the validation with the Taylor method [8], an approach that
is often utilized as a tool for the first assessment of a slope, shows considerable
agreement at low ϕ′. However, the agreement diverges at higher ϕ′ values. The main
reason is attributed to the constraint associated with the Taylor method. The failure
mechanism is pre-determined and passes through the toe. However, DLO considers
various rapture circles at toe and extends beyond the toe for the modeled ϕ′ values.

4 Numerical Results

The numerical results for the modeled scenarios are shown in Fig. 3. The results
were presented in terms of stability factor (N), except for the case when c′ = 0 (gives
N = 0) was presented as FOS. For Hw = -1 m at ϕ′ = 45°, it was not possible to
obtain a solution as DLO returns to “Locked” results which are accredited to a highly
constrained geometry with a large ϕ′. In other words, for a purely frictional soil, the
problem is either locked or unstable. There is only one value of ϕ′ where it is at the
point of collapse. A significant increase in FOS was obtained for unsaturated cases,
Fig. 3a, compared to the saturated condition well in excess that can be predicted due
to increased shear strength parameters. For example, at ϕ′ = 30° and c′ = 0 kPa (see
Fig. 3a), an increase of ~ 4.7 fold in FOS was obtained when Hw = -1 m compared to
Hw = 3 m (fully saturated case). This was equivalent to about a 5.7 kPa increase in c′
if the case Hw = 3 m was modeled at ϕ′ = 30°. The range of increase here is almost
identical to that obtained by [10] (4–6 folds) and [6] (4–10 folds) for bearing capacity
problems. For all cases, the minimum stability number (N), which corresponded to
a maximum FOS, was obtained at Hw = -1 m. This was attributed to the effect of
suction stress (sSr) in Eq. 2 and hence a higher FOS (F) in Eq. 1. It can be prudent to
investigate for point of interest in which FOS = 1 (the case where the slope is at the
ledge of failure) which provides the critical height (Hcritical). H = 1.5 m is a critical
height if ϕ′ is reduced by ~ 20.7° (from 30°) at c′ = 0 kPa for Hw = -1 m.
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Fig. 3 Results of various saturation scenarios at different c′ values

Beyond Hw = −1 m, N increased due to stability reduction induced desaturation,
e.g., at the residual saturation due to low water content, the transmission of suction
to the reduced aggregate particles did not complete effectively. This increase in N
was also shown in Fig. 3b, c, and d and further clarified in the design chart in Fig. 4a
when Hw = 0 m compared to Hw = -3 m where the latter provided higher N values
and therefore lower FOS. For example, at c′ = 10 kPa, an increase in N by ~ 8.3%,
lower FOS, was obtained when Hw dropped from 0 m to −3 m. This was equivalent
to the rise of 4o in ϕ′ if Hw = −3 m was modeled to put this into context. Finally,
the role of suction on the failure mechanisms was also studied where Hw = 3 m was
compared to Hw = −1 m and plotted in Fig. 4b–e. Different cases were considered:
at various ϕ′ and c′ values for a constant suction, and various applied suctions at
constant ϕ′ and c′. All the failure mechanisms intersected with the toe due to the
slope’s steep inclination (α = 45°). The influence of c′ was seen to be more effective
thanϕ′ where the former showedwider failuremechanisms. However, a considerable
role of suction on failure mechanisms was seen when Hw = 3 m compared to Hw =
−1 m, see Fig. 4d. The wider and deeper mechanisms for Hw = −1 m was attributed
to the larger effective stresses and implied lower N value (higher FOS).
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5 Conclusions

The suction and degree of saturation’s ability to impart strength tomany geotechnical
applications such as slopes throughpartial saturation are significant. This paper exam-
ined the influence of suction and degree of saturation on themechanical characteriza-
tion of a slope at various saturation conditions using amodified upper bound theorem.
The influence of the suction, at various ϕ′ and c′, on the factor of safety (FOS) was
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examined using a parametric study, and a set of design charts was produced. FOS
was seen to rise for the unsaturated condition compared to the full saturation and
then followed by a decrease. An increase of ~ 4.7 fold in FOS, at ϕ′ = 30° and c′ =
0 kPa, was obtained when Hw dropped from fully saturated to 3 m below the surface.
This increase was equivalent to about a 5.7 kPa increase in c′ if the fully saturated
case was modeled at ϕ′ = 30°. The effect of a number of modelled scenarios on the
failure mechanisms was also produced using the modified DLO approach, where the
role of suction was seen to be significant.
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Monitoring of the Western Breakwater
of Al-Faw Grand Port-South of Iraq
Using Differential InSAR-ISBAS
Technique

Lubna Alshammari and Omar Natiq Mohammed

Abstract While ports are gateways to the country’s transportation networks, break-
waters protect port entry channels into and out of the ports. Therefore, such structures
require regular monitoring to keep the port functioning. This paper investigates the
use of the Intermittent Small Baseline Subset (ISBAS)DInSAR technique tomonitor
the deformation and the stability for the western breakwater of Al-Faw Grand Port
in the south of Iraq (the longest breakwater according to Guinness World Records).
The preliminary results exposed by high and low resolution (ISBAS) analysis are
presented using the Sentinel-1 SAR dataset from May 2017 to January 2019. The
analysis of ISBAS results shows deformation, particularly in the northern part of the
western breakwater while the rest are stable. The study shows that the low-resolution
ISBAS method (suitable to monitor a natural surface) can give excellent results,
highly comparable to high-resolution (convenient for the analysis of infrastructures)
for monitoring large structural systems such as breakwater. This can provide crucial
information on the potential of using the ISBAS technique (high and low-resolution)
for long-term breakwater monitoring and give new insights into the behavior of the
breakwater structure where other monitoring data are lacking.

Keywords Interferometric SAR · Intermittent SBAS (ISBAS) · Breakwater ·
Deformation · Monitoring

1 Introduction

The long-termmonitoring of breakwaters is of considerable interest to the designers,
builders, and authorities responsible for understanding themaintenance requirements
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and keeping the port functioning. Depending on the marine environment, the break-
water will deteriorate in time if not properly maintained. The deterioration of the
breakwater can be related to the external events which probably lead to cause defor-
mation (severe damage or failure) such as foreshore erosion due to waves attack,
settlement of core and subsoil due to currents, sliding failure of slopes or mound
(depending on the type of the breakwater) due to Tsunamis, and uplift of backfill
due to earthquake. Consequently, breakwater damage or failure often is due rather
than to any single factor to a combination of circumstances, and it is important to
recognize the exact causes of this failure as precisely as possible. If this is not done,
the risk of additional damage or failure for the same unidentified reasons will be high
[1]. Therefore, detection of deterioration such as the deformation along the break-
water structure is essential [2]. Monitoring of breakwaters provides an early warning
system to detect any weak parts before the breakwater stability is threatened.

Additionally, breakwatermonitoring is valuable for understanding possible break-
water failure mechanisms and their role in existing sea conditions and the supports
that the breakwater rests on. Several monitoring techniques have been adopted
for structural health monitoring, such as contact (sensor) methods and traditional
geodetic surveying techniques (leveling and DGPS) [3]. However, these techniques
provide the deformation information/data only for separated points on selected loca-
tions of the structure. The Differential Interferometric Synthetic Aperture Radar
(DInSAR) has proved to be a powerful tool for surface deformation monitoring,
capable of monitoring large areas at low cost at spatial scales impossible to achieve
using conventional ground measurements over inaccessible regions [4]. Due to these
advantages and characteristics,DInSAR techniques have been successfully applied to
themonitoring of landslides [5], land subsidence [6], volcanic activity [7], and anthro-
pogenic activity like tunneling [8]. However, the density and distribution obtained
by DInSARmeasurements can be extremely affected by phase decorrelation or inco-
herence [9] which is most prevalent over vegetated areas, semi-natural lands, and
wetlands. This limits the DInSAR algorithms that support the deformation moni-
toring, such as Persistent Scatterer Interferometry (PSI) and Small Baseline Subset
(SBAS) method. Although the SBAS method has proved to produce reliable results
over areas unfavorable for DInSAR analysis (e.g. [10]), the distribution and density
of the measurements are still restricted [11]. Moreover, the availability of data has
been an additional limitation, as it is critical to obtain adequate data acquisitions
during the deformation event with a suitable revisit period for a reliable analysis.

The development of the Intermittent Small Baseline Subset ISBASDInSAR tech-
nique [12, 13] and the launch of Sentinel-1 satellite that increases data availability
have the potential to overcome the major DInSAR limitation. The ISBAS technique
is a modified version of the SBAS method [14] that can provide sufficient spatial
coverage at millimeter-level accuracy over unfavorable land cover types such as
bare soils and vegetated areas [15]. The ISBAS technique can also provide both
high-resolution of the input SAR image, which is convenient for the analysis and
monitoring of infrastructures or any phenomena that requires great observation detail
(e.g. [16]), and low-resolution that is suitable to monitor a natural surface such
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as forest canopies [17]. ISBAS is a multi-temporal technique that aids in elimi-
nating the atmospheric component’s contribution to the observed phase difference
and subsequent ground displacement measurements [18]. The ISBAS method has
previously been used to monitor ground deformation due to groundwater abstraction
[13], underground coal mining [19], wetland condition [4, 17, 20], and infrastructure
monitoring [16]. In this study, freely available Sentinel-1 C band SAR images with
a repeat cycle of 12 days (increased to 6 days over Europe) acquired between May
2017 and January 2019 were processed using low and high-resolution ISBAS tech-
nique to monitor surface deformation over the western breakwater of Al-Faw Grant
Port, South of Iraq. The results were analyzed and compared to evaluate the ability
of the low-resolution ISBAS technique compared to a high-resolution approach for
breakwater deformation monitoring.

2 Study Area

Al FawGrand Port is located in the north end of the Arabian Gulf and a short distance
west of Shatt Al-Arab outlet. The project area is about 5–10 km South of Al Faw city,
approximately 80 km South- East of Al-Basrah city, facing Bubiyan Island’s Kuwaiti
area of Khawr Abd Allah [21]. The port layout (Fig. 1a) shows that the port will be
developed partly in the intertidal zone and partly offshore. Two breakwaters bound
the port; the eastern is about 8 km north–south, and the western is approx. 16 km
long from the northwest to the southeast of the port location (Fig. 1b). In 2013,

Fig. 1 a New Al Faw port breakwaters layout [21]. b The construction of the western breakwater
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the construction works of the western breakwater (16 m long) were started. The
period of construction is 36 months from the groundbreaking [22]. The breakwater
infrastructures are placed on mudflats, which are compressible soil that may cause
a considerable settlement during the breakwater construction at such a tidal flat site
[23]. Consequently, long-term monitoring is required to monitor the breakwater’s
stability and distinguish deformation due to significant storms or other causes from
the theoretic settlements [24].

Site Conditions. The geological history of the port area followed the region’s
history where Shatt Al-Arab river flows into the Arabian Gulf. However, this region
has been influenced by the massive action of the Shatt Al-Arab river and marine
sedimentation processes [25]. Although the tidal flat deposits are widely distributed
across this region, the New Port structures and infrastructures will be built on. The
project’s location lies closely in the northern coastal region of the Arab Gulf on the
far end of theMesopotamian Plain (Fig. 2), the geomorphic units of theMesopotamia
Plain are classified according to their geomorphic position. TheMarine Origin forms
the most southern part of this plain, which can be found as an accumulation type
represented by tidal flat (mudflat) [26]. However, this tidal flat is the muddy coastal
shore of the head of the Arabian Gulf. Besides, it lies in the intertidal zone, which is
between high and low tide, ranging between (1–1.5) m [26, 27]. Therefore, in such
projects, the evaluation of the main geotechnical issues (stability and settlement)
should be considered during the design, construction, and operation of the port [28].

Fig. 2 Location map of the Mesopotamia plain [26]
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3 DInSAR Data and Analysis

A stack of 50 Sentinel-1 IW SLC C-band (5.6 cm wavelength, 5.3 GHz frequency)
SAR images acquired in ascending orbit (track 174) from 22May 2017 to 12 January
2019 were used in the processing and listed in Table 1 along with the perpendicular
orbital baseline relative to the reference image (master image) (22 May 2017). All
images were downloaded from the open-access data hub, and only the VV polariza-
tion mode was used during processing. The dataset was processed using the low and
high-resolution ISBAS DInSAR technique [13, 16] to examine the annual velocity
of surface motion and its standard error detected during the respective monitoring
period across Al-Faw Grand Port, South of Iraq. Using the Shuttle Radar Topog-
raphy Mission (SRTM) digital elevation model (DEM), the DInSAR results were
projected to a Universal Transverse Mercator (UTM). The ISBAS technique is a
modified version of the widely-used SBAS algorithm [19, 29]. It was created to
improve the distribution and density of the measurements in vegetated areas where
traditional DInSAR algorithms (such as SBAS) typically fail because of incoherence
[30].

All Sentinel-1 images were co-registered to the reference master scene obtained
on 22 May 2017 with sub-pixel precision. The average LOS velocities for each
ISBAS pixel from low and high-resolution ISBAS processing were calculated using

Table 1 Sentinel-1 images dates and perpendicular baseline (B⊥) relative to the master image
(22-05-2017)

Date B⊥ Date B⊥ Date B⊥
2017-05-22 (Master) 0.000 2017-12-24 66.291 2018-07-16 11.145

2017-06-03 −47.668 2018-01-05 50.671 2018-07-28 56.255

2017-06-15 −9.962 2018-01-17 61.300 2018-08-09 50.275

2017-06-27 2.907 2018-01-29 74.889 2018-08-21 −20.434

2017-07-09 67.565 2018-02-10 −12.219 2018-09-02 −102.387

2017-07-21 44.466 2018-02-22 −18.171 2018-09-14 −10.641

2017-08-02 −30.835 2018-03-06 15.520 2018-09-26 32.558

2017-08-14 −85.610 2018-03-18 41.441 2018-10-08 66.876

2017-08-26 −15.750 2018-03-30 42.489 2018-10-20 −22.329

2017-09-07 87.516 2018-04-11 7.619 2018-11-01 −55.108

2017-09-19 17.876 2018-04-23 −13.440 2018-11-13 −27.703

2017-10-13 −85.023 2018-05-05 18.104 2018-11-25 67.011

2017-10-25 −65.847 2018-05-17 10.792 2018-12-07 30.250

2017-11-06 46.475 2018-05-29 31.107 2018-12-19 107.330

2017-11-18 45.399 2018-06-10 −20.515 2018-12-31 17.996

2017-11-30 61.737 2018-06-22 −11.195 2019-01-12 −23.029

2017-12-12 51.098 2018-07-04 77.001
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maximum orbital and temporal baselines of 250 m and 6-months, respectively. To
minimize noise and improve coherence, the low-resolution ISBAS processing was
used with multi-looking factors of 6 in azimuth and 21 in range resulting in pixels
with a ground resolution of about 100 m. Using the constraints of the baselines
above a set of 500 multi-looked differential interferograms were generated. These
constraints minimize the decorrelation in the resulted interferograms spatially and
temporally, thus improving the coherence and the quality of the resulted phase and
reducing the contribution of the digital elevation modal (DEM) errors in the resulted
interferograms [4].

The analysis of the standard coherent scatterer was applied on the multi-looked
data so that only pixels that have an average coherence of greater than 0.25 across all
interferogramswere considered in the processing. This describes the SBAS technique
[31]. However, the ISBAS technique specifies appropriate pixels for the processing
by integrating the coherence with a minimum quality criterion [12]. Specifically, a
pixel with a coherence of greater than 0.25 in a minimum interferogram is preserved
for later processing allowing the analysis of intermittent coherent pixels in the data.
The threshold of theminimum interferograms permits a trade-off between the density
of the derived pixels and the accuracy of the deformation measurements retrieved.
The results are more accurate for a larger number of interferograms, but the measure-
ments’ distribution is sparser. The best threshold value can be determined from the
empirical relationship between the ISBAS velocity standard error and interferograms
used [29]. For low-resolution ISBAS processing, the minimum interferograms used
was 200.

The high-resolution ISBAS processing is the same as low resolution. However,
to improve both the spatial resolution and the quality of the derived pixels, the
multi look factors of 2 × 7 (azimuth × range) was used to generate pixels with
a ground resolution of 20 m. A minimum of 380 interferograms with coherence
greater than 0.45 was considered in the processing. Before using statistical models
for cost functions algorithm [32] to unwrap both SBAS and ISBAS points within
each differential interferogram, the simulated topographic phase was removed using
the 90 m Shuttle Radar Topography Mission (SRTM), digital elevation model [33].
The mean linear velocity for each ISBAS pixel was then calculated relative to a
reference point with coordinate (254,823 E, 3,330,009 N) located in a small village
(high coherence area) north Al-Faw city (Fig. 1a). All ISBAS velocity results are
in the line of sight (LOS) direction, moved towards or away from the radar sensor.
Positive LOS velocities indicate surface uplift (or heave) whilst negative velocities
represent surface subsidence.

4 Results and Discussion

Mean linear (LOS) velocity ground measurements were derived using the high and
low-resolution ISBAS technique. From both cases, the ISBAS results show ground
surface displacements spread along the northern part of thewestern breakwater for the
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periodMay 2017–January 2019 (Figs. 3a and 4b); this deformation is not completely
detected using a small baseline subset SBAS approach (Fig. 3b), which covers 62%of
the processed area compared with 91% using ISBAS technique. The processed data
using the high-resolution ISBASmethod reveals surface deformation in the northern
part of thewestern breakwaterwith deformation rates of up to−0.025m/year (Fig. 4a
and 4b). The rest parts of the breakwater are stable.

This irregular velocity in the northern part of the breakwater may probably due
to some geotechnical issues or intermittent storm damage during the monitoring
period. Although the resulting pixel densities using high-resolution ISBAS cannot
be compared numerically with the low-resolution (Figs. 4a and 3a) [29] (due to
the nature of the low-resolution ISBAS results, which are in the form of points
located at the center of ~ 100 m by 100 m), a similar pattern of the displacements is
observed using low-resolution ISBAS technique. The difference in the magnitudes
of LOS velocities along the breakwater between the high and low-resolution ISBAS
results can be primarily attributed to the corresponding ground range dimension of
the produced pixel. However, a higher degree of similarity between the deformation
trends confirming the deformed parts of the breakwater (Fig. 5).

Fig. 3 Western breakwater deformation maps showing mean linear velocities computed from
Sentinel-1 data for the period (May 2017–January 2019) using a low-resolution ISBAS b SBAS
technique. Positive velocities imply uplift and negative velocities indicate subsidence
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Fig. 4 Western breakwater deformation maps showing mean linear velocities computed from
Sentinel-1 data for the period (May 2017–January 2019) using high-resolution ISBAS a entire
western breakwater b north part of the western breakwater. Positive and negative velocities indicate
uplift and subsidence respectively

Fig. 5 Longitudinal profile showing the ground motion along the western breakwater using high
and low-resolution ISBAS technique for the monitoring period May 2017–January 2019

5 Conclusion

This study evaluates the recently developed ISBASDInSARapproach formonitoring
the deformation and stability of the western breakwater of Al-FawGrand Port, South
of Iraq. The trailwith ISBASsuccessfully allows the retrieval of comprehensive infor-
mation of the deformation along the breakwater, which is not completely detected
using a conventional DInSARmethod (i.e., SBAS). Analysis of Sentinel-1 data from
May 2017 to January 2019 reveals a higher degree of similarity between the defor-
mation trends derived from high and low resolution (ISBAS) methods, confirming
the deformed parts of the breakwater. The study highlights that the low-resolution
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ISBAS method can give excellent results, which are highly comparable with high-
resolution for monitoring the health of large structural systems such as breakwater.
The use of ISBAS DInSAR with Sentinel-1 data assisted in the identification of the
deformation, and with continued monitoring, this can provide the most cost- and
time-effective technique for long-term structural health monitoring than traditional
ground-based monitoring methods.
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Numerical Modelling of Surface Runoff
in Watershed Areas Related to Bahr
AL-Najaf

Ataa A. Farhan and Basim Sh. Abed

Abstract The estimation of surface runoff results from precipitation onwater basins
is of great importance in the field of water resources management. Hydrological
modeling is usually used to describe processes of control and conserve precipitation
in a watershed to runoff. The study area (Bahr Al-Najaf) is located in the south-
western part of Najaf City, with a total area of 2729.4 km2. Three main valleys with
variant areas are delivered water to (Bahr Al-Najaf). This study aims to conduct a
predictive hydrological study for the Bahr Al-Najaf by developing a numerical model
to simulate the Surface runoff and checkup the possibility of floods occurring due to
high water levels. Soil and Water Assessment Tool (SWAT) related to Geographic
Information System (ArcGIS) was used for the simulation. The validation results
of three valleys based on the coefficient of determination (R2) showed that SWAT
Software was successfully simulated the runoff. And it was concluded that if the
precipitation depth is 90 mm, Bahr Al-Najaf will be filled with at a water level of
16 m and a filled area of 49 km2. While in an imposed case, if the rain depth is
100 mm, the water level will be at 22 m with a flooded area for some parts of the
city.

Keywords Runoff · Bahr AL-Najaf watershed · Water balance · SWAT model

1 Introduction

Different hydrological models are developed in the valleys to check the climate
change impact and soil characteristics on the hydrological cycle. The relationbetween
runoff and rainfall plays an essential role in managing the available water resources
through hydraulically design and flood control structures. An analysis of a hydrolog-
ical study directed that the spatial distribution of average runoff depth fromsub-basins
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indicated that the intermediate sub-basins are the highest in contributing to the water-
shed runoff [1]. As well, the curve number (CN) method was used for the United
States Soil Conservation Services (USSCS) is one of the most popular methods for
estimating runoff components and peak flow rate [2]. Many studies simulated water
balance issues and the rainfall-runoff process by using the SWAT Software [3, 4].
Other Studies involved the variation in surface parameters (e.g., Topography, soil,
and land cover) that affected the linkage between rainfall and surface water in water-
sheds [5]. Another study evaluated performance for modeling the precipitations and
rainfall in the Watershed of Laou, they showed the feasibility of implementing the
SWATmodelwas enabled to simplify the representation of the flows on thewatershed
[6].

The importance of development and suitable strategies of runoff modeling for
the designers for the purpose of watershed management, i.e., Ketar watershed was
studied which consists of agricultural lands and causes soil erosion [7]. SWATmodel
was used in the Upper Zab river basin to forecast and simulate the flow in the Upper
Zab river watershed efficiently and the obtained results helped for study and expect
the future amounts of resource discharges incomes on Tigris river and its effects.
Also, results show a redaction on the precipitation and flow on the river basin in
the future which will cause an impact on the Tigris river resources and a major
impact on hydrological regimes [8]. A relied study was conducted on Bouregreg
Basin of water resources to evaluate and simulate the watershed’s hydrology using
SWAT and analyze and define the watershed’s hydrological processes with different
conditions [9]. A field study was conducted in the study area Bahr Al- Najaf showed
a correlation between the hydraulic and geoelectrical parameters and dictated that
most of the selected wells and boreholes located in the studied area have depths of
more than (100) m and that they were classified into two types of self-flowing of
artesian wells [10], while the other field study has considered two sites were chosen
to determine the rate of water leakage in the depth of pits filled with water in two
sites in the study area with an area (2 m × 1.5 m and 0.5 m). One of the sites used to
investigate infiltration characteristics and the second is to verify the results, and they
classified the type of infiltration rates as moderate to high [11]. Third field research
in Bahr Al-Najaf area was performed to find out the capacity of bearing for the bored
bile model established in gypseous soil [12]. This study aims to develop a numerical
model to simulate the Surface Runoff using SWAT software in the study area (Bahr
Al-Najaf). As well as to check up the possibility of floods occurs due to high water
levels.

2 Materials and Methods

Soil & Water Assessment Tool (SWAT). Soil and Water Assessment Tool (SWAT)
is applied to model the Bahr AL-Najaf watershed hydrology in Iraq. In this study, the
data set used in the simulation is considered a description of the study area and the
hydrological model. SWAT is a physically-based model that requires specific input
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details about the weather, soil properties, topography, vegetation, and land cover
changes in the watersheds. In the model processes, a watershed can be partitioned
into several sub-basins, which are divided into Hydrologic Response Units (HRUs).
The land phase of the hydrologic cycle is based on the water balance equation [13]:

SWt = SW0 +
t∑

i=1

(
Rday − Qsurf − Ea − Wseep − Qgw

)
(1)

where t is time measured by days, SWt and SW0 are the water content of the soil
at the final and initial time measured by mm, Rday is the daily precipitation depth
mm, Qsurf is the daily surface runoff mm, Ea is the evapotranspiration in mm, Wseep

is the percolated water in mm, and Qgw is the return flow in mm, all the parameter is
for the day i.

Study Area Description. The study area (Bahr Al-Najaf) is one of the ancient
low wetlands in Iraq. It was considered a natural lake, is located in the southwestern
part of Najaf City Centre. The location of the area can be specified by 44° 11′ 34′′
to 44° 22′ 37′′, and 31° 47′ 11′′ to 32° 04′ 08′′ longitudes and latitudes respectively,
with a total surface area of 251 km2. It involves a lake with an approximate area of
49 km2 [1]. That area was increases and decrease due to inflow and precipitation as
well as weather conditions summer period. The study area represents an extension
of the alluvial natural plain in the western plateau that forms a tongue shape that
extends across from the south towards the north side of Al-Manathira City [1]. The
study area’s slope is decreasing gradually from the west and from the southwest to
the north and northeast.Many valleys deliver water to the study area (Bahr Al-Najaf).
Three main valleys have a large area: Kharr, Shoaib Al-Rahimawi, and Maleh, these
valleys contribute to the recharge of groundwater in the study area Fig. 1.

Fig. 1 The location of the study area, Bahr al-Najaf, and the three feeding watersheds (valleys)
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InputData. In this research,Digital ElevationModel (DEM), the land use, the soil
map, and theweather informationwere used to provide the inputs for theSWATmodel
for conducting the calibration and verification process using water level observations
in the Bahr AL-Najaf watershed.

Digital ElevationModel (DEM). The ground topography is considered an essen-
tial input of the SWAT model. It is a helpful tool in analyzing the watershed and
analysis of the characteristics of the land surface and the patterns of the drainage.
Moreover, it usually affects the rate and the direction of the flow over the ground
surface [14]. The digital elevationmodels (DEM),with 30m resolution,were adopted
for elevation ranges and spatial data of the study area provided by the global Shuttle
Radar Terrain Mission (SRTM) from USGS. These DEMs were merged and repro-
jected to the UTM zone to be ready for the Arc SWAT processes to delineate the
watersheds and flow directions. Figure 2 shows the DEM of each basin.

Land use Map. The global land cover map was used from the European Space
Agency GlobCover Portal with a resolution of 300 m for the period December

Fig. 2 Kharr(A)Valley, Kharr(B)Valley, Shoaib AL_Rahimawi Valley, and Maleh valley
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2004–June 2006. The study area contains two land-use classes, including Bare areas,
Rainfed croplands Fig. 3.

Soil Map. The study’s soil map was from the Food and Agriculture Organi-
zation at a scale of 1: 5,000,000. The map is divided into many polygons. Each
polygon contains different properties of study area soils such as hydrological soil
group, hydraulic conductivity, soil texture, and other physical and chemical proper-
ties matched with the FAO soil database. These polygons were clipped to identify
with the watershed area then reclassified to define Hydrological Response Units
(HRUs). Soil data are merged using ArcGIS processes with DEM, Land-use, and
slope classes into SWAT to determine the HRU level Fig. 4.

Weather Data. Arc SWAT Software requires information on weather like precip-
itation, solar radiation, temperature, relative humidity, and wind speed. Previous
daily rainfall was obtained from the IraqiMetrological Organization and Seismology
(IMOS) for the period (2009–2019). It is stated that these data are invalid for use in

Fig. 3 Kharr(A)Valley, Kharr (B)Valley, Shoaib AL_Rahimawi Valley, and Maleh valley for Land
use map
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Fig. 4 Kharr(A)Valley, Kharr (B)Valley, ShoaibAL_Rahimawi Valley, and Maleh valley for Soil
map

the SWAT simulations. Weather data that needed to run SWAT should be a contin-
uous daily time-step. However, the weather data from IMOS is losing years and
some months of weather data. Therefore, another source of weather data was used
in the Climate Forecast System Reanalysis (CFSR) study. Weather data for regions
that CFSR can provide missing weather stations. CFSR climate data are available
for the period (1979–2014). A survey by Fuka [15]s showed that the weather data
produced by the CFSR to use for watershed simulations are good or better than
weather data used in simulations produced by traditional weather stations. These
data were compared and calibrated with data from The Iraqi Meteorological Orga-
nization and Seismology (IMOS) for station Al-Najaf for the period (2009–2014).
The R2, NSE, and RMSE were 0.85, 0.77, and 6.88 for the calibration, respectively
Fig. 5.
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Fig. 5 Result of correlation between the climate forecast system reanalysis weather data With
AL-Najaf gauge station weather data

3 Results of Calibration and Validation

Calibration and verification were performed for the three main Valleys, Kharr Shoaib
AL_Rahimawi and Maleh, from (2012/10/1) to (2014/6/1). These periods were
chosen due to the availability of measured water level data for these periods only to
compare themeasured and simulatedwater levels. The investigation of the calibration
and validation results revealed that the coefficient of determination (R2) showed that
SWAT was successfully simulated runoff in the study area with acceptable values of
R2 equals 0.86 and 0.89 for the two processes, respectively. Figure 6 shows the cali-
bration and validation periods involved in the present study. The surface runoff curve
number coefficient was an important parameter in the Arc SWAT model simulation
for the three valleys. The curve number extracted from the Swat Software simulation
was relied upon in Fig. 7. The CN values for each sub-basin in the three valleys.
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Fig. 6 Comparison between the simulated and observed Water levels for both the calibration and
validation periods
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Fig. 7 Curve Number Value for each sub-basin for Kharr(A)Valley, Kharr(B)Valley, Shoaib
AL_Rahimawi Valley and Maleh valley

Figure 8 shows the sub-basins for each of the three valleys in the Bahr Al-Najaf
region, after the process of entering the digital elevation map (Dem) for the SWAT
Software and the process of determining watersheds runoff paths, and areas where
the valley’s water collects. Finally, it was concluded that the proposed scenarios in
the studied area are if the precipitation depth is 90 mm, the Najaf lake will be filled
with water to a water level of 16 m and an area of 49 km2. The other proposed
scenario if the rain depth is 95 mm for the water level of 18 m, the lake with an area
of 251 km2 will be full, and the last proposed scenario is the probability of flooding
in the city if the rain depth is 100 mm for a water level of 22 m for the area of the
city is 2729 km2 Fig. 9.



Numerical Modelling of Surface Runoff in Watershed … 249

Fig. 8 Map showing watershed characteristics for Kharr(A)Valley, Kharr(B)Valley, Shoaib
AL_Rahimawi Valley and Maleh valley
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4 Conclusions

In the current study, Arc SWAT Software was used to conduct a hydrological simula-
tion of the three main valleys in the Bahr Al-Najaf region. The simulation was done
using a digital elevationmap to drawwater flow paths in the three valleys and identify
points where water flows into each valley, after which the required weather data was
obtained for simulation from analysis of the climate Prediction System (CFSR).

• One of the most important results that were reached was the runoff curve number
(CN). It was one of the basic parameters in the simulation’s SWAT software, as its
value that was reached through simulations for all three valleys was relied upon.

• Throughout the calibration and verification period, a comparison was made for
the two mentioned periods between the observed water levels in the study area
with the simulated water levels. The statistical indicators were good and satisfac-
tory, and the model efficiency was good. The results indicate that the coefficient
of determination (R2) of the simulation was 0.86 for calibration and 0.89 for
validation.

• The weather data of the Climate Forecast System Reanalysis (CFSR) was
compared and calibrated with data from The Iraqi Meteorological Organization
and Seismology (IMOS) for station Al-Najaf for the period (2009–2014). The R2,
NSE, and RMSE were 0.85, 0.77, and 6.88, respectively.

• Finally, it was concluded that the proposed scenarios in the studied area are if the
precipitation depth is 90 mm, the Najaf lake will be filled with water to a water
level of 16 m and an area of 49 km2. The other proposed scenario if the rain depth
is 95 mm for the water level of 18 m, the lake with an area of 251 km2 will be full,
and the last proposed scenario is the probability of flooding in the city if the rain
depth is 100 mm for a water level of 22 m for the area of the city is 2729 km2.
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Bearing Capacity of Model Strip Footing
on Unsaturated Very Loose Sand

Khashayar Nikoonejad and Reza Imam

Abstract Shallow footings are generally constructed above groundwater level.
Because of a capillary zone in the underlying soil layers, the behavior of the unsatu-
rated soils supporting the footings needs to be known. Evaluation of shallow footings’
bearing capacity on unsaturated soils is therefore important from a practical point of
view. The current research focuses on understanding the effects of matric suction on
the bearing capacity of shallow strip footings placed on very loose uniform sands,
using experimental and numerical methods. The experimental program is imple-
mented using a test tank equipped with a loading frame and a specially designed
telescopic pipe system to control the soil’s water level inside the tank. Results are
then modeled numerically using commercial software with capabilities to model the
behavior of unsaturated soils. The experimental results indicate that the increase in
the matric suction in the unsaturated very loose sand can lead to up to a sixfold
increase in strip footing bearing capacity compared to the fully saturated condition.
In addition, numerical analysis results indicate that the soil’s failure mechanism
underlying the footing seems to move from punching shear in the saturated soil to
the local or general shear failure in the soils with greater shear strength caused by
matric suction. It was also concluded that taking into account the unsaturated soil
mechanics in numerical modeling leads to a generally satisfactory prediction of the
load-settlement behavior obtained from the experimental results.

Keywords Unsaturated soil · Very loose sand · Bearing capacity · Physical
modeling · Finite element analysis

1 Introduction

Application of conventional soil mechanics theoretically relevant to the behavior of
dry or saturated soils to the determination of bearing capacity of shallow footings
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placed on unsaturated soils leads to conservative results. This is because the contribu-
tion of matric suction in increasing the shear strength of the soil is neglected. Studies
of the bearing capacity of shallow footings placed on unsaturated soils should there-
fore be carried out independently. The shear strength of an unsaturated soil (τunsat )
may be determined by the following relationship proposed by Vanapalli et al. [1]:

τunsat = c′ + (σ − ua)tgφ
′ + (ua − uw)(�κ)tgφ′ (1)

where c′ and φ′ are the effective cohesion and friction angle of the soil in the
saturated state, (σ − ua) is the net normal stress, (ua − uw) is the matric suction, ua
and uw are the air and water pressures, respectively, � is the normalized volumetric
water content, and κ is a fitting parameter that depends on the soil plasticity and is
equal to 1.0 for sandy soils. Since the osmotic suction is negligible in cohesionless
soils, the total suction is usually equal to the matric suction. Consideration of the
matric suction effect by adding an apparent cohesion to the soil leads to an increase
in its shear strength. Themagnitude of the added apparent cohesion can be calculated
using the third term in Eq. 1. Soil suction is related to the soil water content by a curve
known as the soil–water retention curve (SWRC) or the soil–water characteristic
curve (SWCC). A typical SWRC is schematically depicted in Fig. 1, in which the
horizontal axis shows the soil matric suction, and the vertical axis is the volumetric
water content, θw, which is the ratio of water volume to the total soil volume.

Variation in soil suction versus the water content exhibits a hysteresis type
behavior and depends on the hydraulic path (drying or wetting) that the soil can

Fig. 1 Typical soil–water retention curve (SWRC)
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experiencewhen itsmatric suction changes. Soil suction decreases during thewetting
processes, which may occur, for instance, due to precipitation or an increase in the
groundwater level. On the other hand, in a drying process, such as evaporation or
a decrease in the groundwater level, soil suction increases, and the soil follows a
drying curve as shown in Fig. 1. The suction at which the first air bubbles start to
enter the voids is called the air entry value (AEV), ψAEV , and that after which there
is no continuous water path inside voids is the residual suction, ψr . Accordingly, the
SWRC can be divided into the three zones shown in Fig. 1, representing states of
saturation, transition, and residual moisture conditions.

Findings from the study of Steensen-Bach et al. [2] on coarse sand indicate that
as the water level below the footing is lowered, bearing capacity first increases,
but it follows a decreasing trend by further lowering the water level. However, for
finer sand, the bearing capacity continuously increases by lowering the water level,
and in its ultimate stage, reaches a value eleven times higher than the saturated
condition. Vahedifard and Robinson [3] observed that the ultimate bearing capacity
under various flux boundary and saturation conditions could increase up to 5–7
times that in the saturated situation. Furthermore, effect of flow rate on the ultimate
bearing capacity is more pronounced in clay than the similar conditions in the sand.
From the studies of Schanz et al. [4] on dense sand, a 2.5 to 4 times increase in the
bearing capacity is observed to occur just by increasing the matric suction. Maghvan
et al. [5] showed that the bearing capacity of footings placed on unsaturated soils
could be predicted satisfactorily using bearing capacity equations modified for the
effects of the soil’s unsaturated state. For a circular footing placed on fine-silty
sand, they obtained the greatest bearing capacity for a degree of saturation of about
16%. Moreover, Maghvan et al. [6] showed that relative density also affects bearing
capacity and mode of failure significantly in unsaturated granular soil. In loose soils,
a transition of failure mechanism from punching and local shear to general shear
failure may occur at the degree of saturation for which the most significant bearing
capacity is reached. However, in dense sand, the general shear mechanism governs
the soil failure for all degrees of saturation.

In the current study, matric suction effects in a uniform unsaturated very loose
sand on the bearing capacity of a shallow strip footing are first experimentally eval-
uated using physical modeling tests. The tests are then numerically modeled using
commercial software to assign the unsaturated parameters to the soil model. The
experimental results are also compared with the bearing capacity values obtained
from the equation proposed by Vanapalli et al. [7] to evaluate the accuracy of the
existing relationship in predicting the bearing capacity of footings in very loose
uniform sands.

2 Model Testing Procedure

Model tests were conducted usingmodel strip footings atop sand placed in a test tank.
The sand specimen placed in the tank was 750 mm in length, 650 mm in height, and
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300 mm in width. The strip model footing was made of aluminum and was 298 mm
long, 50 mm wide, and 25 mm high. As illustrated in Fig. 2, a water tank with the
ability tomaintain a constant water headwas attached behind the test tank. A 100mm
high opening towards the test tank and near the bottom of the water tank allowed
entry of water into the test tank and maintaining a constant water level in the sand
for each test. The water tank’s constant head was kept using a telescopic vertical
pipe inside the water tank through which extra water above the required water level
could drain outside the water tank. The dry sand condition was obtained by keeping
the water level inside the water tank below the soil specimen’s bottom level. Various
water depths below the soil surface were achieved by adjusting the water tank’s water
level at the required elevation. For each test, the water level was kept at the elevation
needed for more than 24 h such that a variable moisture profile starting from full
saturation at water level to a lower degree of saturation at the soil surface (depending
on the water level) could develop.

Steps and procedures used for placing the soil inside the tank are described as
follows: (1) A 100 mm thick layer of gravel was placed at the bottom of the test tank
such that it provided a path needed for entering and rising water level uniformly from
the tank base, as shown in Fig. 2b. (2) A geosynthetic layer was then placed on the
gravel layer, which acted as a filter, allowing the free flow of water from the gravel
into the sand, but preventing the sand from entering and clogging the gravel layer. (3)

(a)                                                                               (b) 

750 mm 

300 mm 

1 

1- Pneumatic jack 2- Proportional directional control valves 3- Reaction beam 4- Rail for jack adjustment 
5- Loading shaft 6- Water tank 7- LVDT with 100 mm stroke, 0.01 mm accuracy 8- Bar to fix LVDT 9- 
S-shaped loadcell with 1 ton capacity, 1 kg accuracy 10- Connector between loadcell and footing 11- 
Very loose sand specimen placed in tank 12- Geosynthetic layer 13- Gravel layer.

2 

11 
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13 

Fig. 2 Model testing Equipment: a Test tank and loading frame, b Soil specimen after placement
in the test tank
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The sand with initial moisture of 2.5% (except for the case of dry sand test for which
no moisture was added) was then placed in the tank using the moist tamping method
[8] in 6 layers until a total thickness of 650mmwas reached for the sand placed on the
geosynthetic layer. (4) The specimen was then saturated by raising the water level up
to the specimens’ surface. The water was allowed to enter the soil at a low flow rate
to prevent liquefaction from occurring during saturation (5) After soil saturation, the
water level was lowered to the desired depth and kept at that depth during loading. (6)
Loading was then applied to the footing, and the load–displacement behavior of the
footing was recorded and plotted by a computer program. (7) water content profile
of the soil under the footing was measured by sampling the soil up to 200 mm depth
below the footing base immediately after each test. After placing the soil specimens
in the tank, the shallow strip footing was loaded at a rate of 1.2 mm/min to evaluate
its bearing capacity and settlement behavior for various degrees of saturation. The
footing settlement was controlled by a LVDT placed atop the footing, and variation
of the load was measured by an S-shaped load cell during the loading by a pneumatic
jack.

It is noted that since the soils tested in the current study were first saturated, and
the water level was then lowered to a certain depth before application of the load to
the footing commenced, only the drying curve was considered in the determination
of the unsaturated soil parameters.

3 Properties of the Tested Soil

The soil tested in the current study is the Firuzkuh No. 161 sand, which, according
to the USCS classification system, is considered a uniformly-graded fine sand (SP).
The SWRC of the soil was predicted for the tested soil using the method proposed
by Aubertin et al. [9]. The soil physical parameters needed for predicting the SWRC
for a cohesionless soil using this method are the grain size properties (D10 and D60)
and the porosity. The grain size distribution curve and the SWRC for the tested soil
are shown in Fig. 3. Soil physical properties, strength, and the SWRC parameters
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Table 1 Properties of the tested soil

ψr (kPa) AEV (kPa) D50 (mm) Cu Cc emax emin Gs C′ (kPa) ∅
′

4.2 1.43 0.268 1.3 1.03 0.91 0.6 2.65 0 32

D50: grain size corresponding to 50% finer; Cu: coefficient of uniformity; Cc: coefficient of curva-

ture; emax: maximum void ratio;emin: minimum void ratio; Gs: specific gravity;∅′: effective internal
friction angle; C′: effective cohesion; AEV: Air Entry Value; ψr: residual suction

for the very loose condition in which the specimens were prepared (Dr = 0%) are
summarized in Table 1, the strength parameters are measured from direct shear tests.

Moreover, experimental data obtained from using the hanging water column tech-
nique [10] were also used to verify the SWRC employed in the numerical analysis.
The hanging water column technique is based on the idea that a column of water
hanging under a high-air-entry (HAE) ceramic disk forming the bottom of a closed
container applies suction to the disk, and this suction will, in turn, be applied to a
soil sample placed inside the container. By moving up the container using a pulley
and rope system, suctions of up to 20 kPa (equivalent to 2 m of water head) may be
applied in steps of 0.1 kPa (equal to 1 cm head applied by moving up the container
1 cm). After each step of application of suction to the soil specimen, its water content
can be determined by measuring the volume of water extracted from the sample and
collected in a burette. The schematic view of the apparatus is shown in Fig. 4. As
noted in Fig. 5, there is a good agreement between the SWRC obtained from the
hanging water column data and the curve estimated from the Aubertin et al. [3]
method used in this study.

4 Results of the Model Tests

Details of the test tank and testing procedure are provided elsewhere [11]. Model
test results showing variations of vertical pressure applied by the strip footing versus
the vertical displacement of the footing for various depths of water level below soil
surface are provided in Fig. 6. As shown in this figure, bearing capacity initially
increases with an increase in the depth of water level (d) up to 31 cm below soil
surface. This can be attributed to the decrease in moisture and increase in soil suction
as thewater level below footing is lowered.This is a result of an increase in soil suction
and, consequently, soil shear strength, with a decrease in moisture as indicated by
the SWRC. However, further increase in water depth leads to the decrease in bearing
capacity, and this decrease continues until soil moisture is completely removed and
the underlying soil becomes completely dry. As shown in Eq. 1, shear strength caused
by soil suction is directly related to the product of the degree of saturation and soil
suction. Soils having very low degrees of saturation, or dry soils, have low strength
components resulting from suction since, despite the higher value of suction as shown
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Fig. 4 Schematic view of
the hanging water column
apparatus

by the SWRC, the very small degree of saturation multiplied by the suction results
in a lower added strength caused by the suction term.

5 Numerical Modeling

Numerical modeling of unsaturated soils’ stress-settlement behavior was carried out
using the linear elastic model combined with the Mohr–Coulomb failure criterion.
For each test, the water table was first assigned to the model at the depth relevant to
that test. A linear variation of negative pore water pressure above water level with a
slope equal to the positive hydrostatic pressure slope was assumed. If the maximum
negative pressure head (Hmax.) is smaller than the height of the unsaturated soil layer
(Hunsat.), the negative porewater pressure remains constant and equal to themaximum
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Fig. 5 Comparison between
the SWRC estimated by
Aubertin et al. [9] and
hanging water column results
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Fig. 6 Results of model tests on the stress-displacement behavior of unsaturated soils

negative pore pressure after reaching this maximum. However, if Hmax > Hunsat., the
negative porewater pressure continues to increase up to the soil surface. The added
soil strength resulting from the soil’s unsaturated state was taken into account by
adding an apparent cohesion according to Eq. 2 as suggested by Vanapalli et al. [1].

C = (ua − uw)tgφ′ (θ − θr)

(θs − θr)
(2)

in which θs . and θr . are the saturated and residual volumetric water content of
the soil. The effective friction angle is assumed to remain the same for saturated and
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unsaturated soils. Figure 7 shows comparisons of experimental and numerical anal-
ysis results of the footing’s pressure-settlement behavior for various depths of water
level. Satisfactory agreement is observed between the experimental and numerical
analysis results, indicating that the relatively simplified physical aspects of behavior
of unsaturated soils considered in the numerical modeling is sufficient for obtaining
satisfactory analysis results. The effective cohesions obtained from Eq. 2 were aver-
aged over a depth equal to the footing width, and their values as obtained from
test results and numerical analysis are shown in Table 2 for the various cases of
water depth. Satisfactory agreement between the predicted and measured values is
observed.

An important aspect of the behavior of footings is their failure mechanism under
applied loads. Figure 8 shows the yield zones developed in the underlying soils for
various depths of water level. The plain strain and symmetrical conditions allow half
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Table 2 Effective cohesions used in the determination of bearing capacities

d (cm) S(%) (ua − uw)AVR(kPa)Test (ua − uw)AVR(kPa)FEA C(kPa)Test C (kPa) FEA

46.5 8.4 5.65 4.15 0.29 0.22

40 12.97 4.44 3.5 0.36 0.28

31 14.81 4.17 2.6 0.38 0.24

23.5 39.44 2.73 1.85 0.67 0.45

11 75.91 1.79 6 0.85 0.28

0 100 0 0 0 0

Fig. 8 Yield zones developed in the soil for various depths of water level below soil surface

of the problem geometry to bemodeled in the horizontal direction. Therefore, the no-
horizontal displacement boundary conditions were assigned to the left boundary of
the model in addition to the right boundary. A comparison of the pressure-settlement
curves shown in Fig. 7 with the sizes and shapes of the yield zones shown in Fig. 8
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indicate that as the load retained by the footing increases, the size of the yield zone
increases and its shape represents failures modes moving from punching shear (yield
zones extending mostly vertically into grater depths) to local and possibly general
(for d = 31 cm) shear failure (yield zones spreading somewhat laterally around the
footing). An exception is a case for d = 0 in which the soil is almost fully saturated,
and its behavior may not be fully drained as in other cases.

6 Prediction of Bearing Capacity

Bearing capacity of footings placed on unsaturated soils may be estimated using
conventional bearing capacity equationsmodified for considering the effects of unsat-
urated soils. Bearing capacities of themodel footings loaded in the current studywere
determined using the curves shown in Fig. 6. For each case, two tangent lines were
drawn to the two portions of the curve with different slopes, and the pressure corre-
sponding to their point of intersection was taken as the bearing capacity [12]. Table 3
shows the bearing capacities obtained for each case and the ratios of these capacities
to the saturated soil’s capacity. Settlements at ultimate capacities are also provided
in the table.

Figure 9 compares bearing capacities obtained from test results with those esti-
mated using the Vanapalli and Mohammad [7] bearing capacity equation for unsat-
urated soils. Due to the very loose state of the soil and the mostly punching shear
failure modes shown by the numerical analysis results, the friction angle used in
the determination of bearing capacity was reduced according to the suggestion of
Terzaghi [13] such that φm = tan−1

(
2
3 tan φ

)
. Moreover, for the strip footing tested, a

plane strain failure condition is expected and a correction for friction angle according
to the suggestion of Stroud [14] was used such that: tanϕps/tanϕds = 1.2, in which
ϕps is the plain strain and ϕds is the direct shear angles of friction. Comparison of
measured and predicted bearing capacities are shown in Fig. 9. It may be noted from
this figure that measured bearing capacity is highest at a matric suction of 4.2 kPa at

Table 3 Bearing capacities and settlements at ultimate capacity for various water depths below the
soil surface, d

d (mm) Ultimate bearing capacity
qult(kPa)

qult/qult,sat Settlement at ultimate bearing
capacity (mm)

0 (saturated) 7.7 1 4.1

11 18 2.3 5.3

23.5 41 5.3 13.5

31 46.3 6 8.81

40 37 4.8 13.6

46.5 41.4 5 13.9

Dry 21.5 2.8 5.0
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Fig. 9 Measured and predicted bearing capacities of strip footing for various depths of the water
below soil surface

the end of the transition zone, and then decreases slightly as matric suction increases
(and therefore, degree of saturation decreases). On the other hand, the Vanapalli
and Mohammad [7] equation, while providing satisfactory predictions of bearing
capacity for most values of matric suctions, predicts the highest bearing capacity at a
matric suction of about 2 kPa. Similar results were also reported by Alabdullah et al.
[15]. The greatest difference between the predicted and measured bearing capacities
was observed for the case with d = 31 cm for which the bearing capacity was the
highest. The numerical analysis results indicated that the failure mode, in this case,
seems to be closer to a general shear mode, for which a reduction in the friction angle
is not applicable. Figure 9 shows that if the bearing capacity equation’s friction angle
is not modified, the predicted bearing capacity will be closer the measured value.
Therefore, it is important to take into account the mode of failure when using bearing
capacity equations to predict ultimate footing loads. Moreover, the unsaturated state
of the soil may alter the mode of bearing capacity failure of a footing such that a
footing placed on very loose sand may not fail due to punching shear, but rather due
to local or general shear failure as a result of the added soil strength caused by the
unsaturated state of the underlying soil.

7 Summary and Conclusions

Effects of matric suction in an unsaturated, very loose fine sand on a strip footing
behavior were first evaluated using physical modeling tests. The tests were then
numerically modeled using commercial software with the ability to consider the
unsaturated soil state. Test results were also compared with the bearing capacities
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obtained from a published equation to evaluate its predictive capability for very loose
sand. The main results of the study are summarized below:

• The experimental results indicated that an increase in the matric suction in the
very loose sand could lead to up to a sixfold increase in the bearing capacity of
model strip footings compared to the condition of fully saturated soil.

• The numerical analysis results indicated that the soil’s failure mechanism under-
lying the footing seems to move from punching shear in the relatively weak,
nearly dry or saturated soil to local or possibly general shear failure for soils with
greater shear strength caused by the soil matric suction. This indicates that even in
very loose sand, the additional strength due to matric suction in unsaturated soils
may result in changes in the failure mechanism. This should be considered when
applying reduction factors to soil strength parameters for use in bearing capacity
equations.

• For the model strip footing placed on very loose fine sand, the greatest bearing
capacity of 46.3 kPa was obtained at a degree of saturation of approximately 15%.
The lowest measured capacity was 7.7 kPa, obtained for fully saturated sand, and
a 21.5 kPa capacity was obtained for the case of dry sand.
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Overall Static and Seismic Stability of Oil
Tank Resting on Shallow Foundation:
A Case Study

Chaidul Haque Chaudhuri, Rana Acharyya, Milind Patil,
and Deepankar Choudhury

Abstract The design of the shallow foundation of oil tanks is the prime concern for
civil engineers as these are important structures for the industries. In this paper, a field
case study has been taken into account where the stability of an oil tank required to
be installed at Sidhpur in Gujarat, India. The behavior of oil tank foundation has been
investigated using finite element tool PLAXIS-3D. It has been comprehended from
the soil investigation results and numerical analysis that the oil tank could not be filled
completely with oil at the present site condition due to large differential settlement.
The maximum vertical settlement of 96.80 and 136.2 mm has been found from the
numerical analysis for the case of present site condition and considering water level
at the ground surface. Moreover, a soil improvement technique has been proposed
to reduce the settlement and enhance the stability of oil tank. Finally, a maximum
vertical settlement of 54.88 mm has been observed for improved soil considering
water level at the ground surface, and the influence of earthquake loading on the
stability of the tank is found negligible.
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1 Introduction

Oil tanks are essential structures for the industries and are commonly constructed near
airports, oil refineries, power plants, railway yards, and other national prominence
places. The stability of tanks depends on the foundation and the subsoil condition. If
the subsoil condition is not suitable to bear the tank’s load, then either the strength and
stiffness of the soil to be improved or a special type of foundation to be provided.
Various ground improvement techniques are available, such as vibro compaction,
soil replacement, cement grouting, etc. The ultimate bearing capacity (UBC) and
settlement criteria are the prime concern for the safe design of shallow foundations for
geotechnical engineers. The UBC, bearing capacity factors (Nc, Nq, Nγ) and failure
mechanism of shallow foundation have been investigated by several researchers
[1–6]. The settlement of shallow foundation resting over-saturated clayey soil or
cohesionless soil has been experimented by scholars [7–9]. The researchers carried
out field plate load tests [10, 11] to observe the effect of plate size in estimating
the settlement and bearing capacity for cemented and non-cemented soil. In the
field experiment, circular palates of sizes ranging from 0.3 to 0.6 m and square
footings of width ranging from 0.4 to 1 m had been considered. The vertical load
had been applied over the plate, and corresponding settlement had been recorded.
It had been perceived that the pressure-settlement pattern obtained from plates and
footings was not unique because of considering diameter and width for circular
and square footing. Furthermore, it had been concluded that the pressure-settlement
pattern became unique after making the test results normalized. Specialists [12–14]
had investigated experimentally and numerically the scale effect on UBC and shape
factor sγ of circular footing resting over dry, dense sand. It has been concluded that the
UBC has been exponentially increased with increasing the dimension of the footing.

However, the bearing capacity factor (BCF) Nγ has been decreased by increasing
the circular footing dimension. Moreover, the shape factor sγ has been enhanced by
increasing the footing dimension. Researchers [15–20] had numerically investigated
the UBC for circular footing by considering smooth and rough base with the aid
of FLAC software. In the numerical analysis, the non-associativity of soil has been
considered. It has been revealed from the investigation that the magnitude of BCFs
has been reduced significantly with increasing the non-associativity. Researchers
[21–24] had performed laboratory and numerical investigations to determine UBC
and settlement of circular footing resting on geocell-reinforced soft clay. It has been
concluded from the research that the load-carrying capacity of circular footing resting
over reinforced clay has been increased by 4.8 times than footing on unreinforced
clay. Moreover, it has resulted that the heaving has been significantly reduced by
providing the geocell-reinforcement of optimum height and width. Kumar et al. [25]
had provided the design of pile foundation arrangement for static as well as the
seismic case for oil tank resting over soft soil through numerical simulation with the
aid of PLAXIS-3D. The pile group was consisted of 89 piles. It had been concluded
that maximum differential settlement of 4 mm had been found for the pile group for
static as well as seismic instance. Choudhury et al. [26, 27] had effectively used the
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deep foundation units such as pile, piled raft, barrettes and ring foundation for various
mega industrial projects across the globe like nuclear power plant (NPP), fertilizer
plant, petroleum-oil-lubricant (POL) terminal, tall towers. Chatterjee et al. [28, 29]
performed high strain dynamic testing of piles at three commercial sites of Kolkata
city, India, and performed numerical analysis using finite difference-based software
FLAC3D simulating the field conditions by considering similar soil-pile models for
each case. A comparative study between the pile and piled raft foundation is also
assessed in liquefaction conditions using FLAC3D [30].

Lee et al. [31] had investigated the benefits of piled foundation to support the oil
tank in soft soil through centrifuge tests. In most of the case, ground improvement
is preferable over the deep foundation from the economic point of view.

Hence, the present study is focused on shallow foundations. Static and dynamic
soil-structure interaction response of pile group of an oil tank foundation had been
numerically investigated considering FLAC3D by the researchers [32]. It had been
revealed that the factored ultimate load-carrying capacity of a single pile was 2052
kN. Themaximum rotational displacement had been found as 5.81× 10–4 for the pile
group, which is safe for the oil tank. Hamidi and Varaksin [33] had highlighted some
case histories for ground improvement methods with the aid of dynamic compaction
to reduce the settlement of tank foundation as to distribute the super-structural load to
the soil. In the present investigation, the settlement analysis has been conducted for an
oil tankwith full oil height,which is going to be installed at the site.Various laboratory
experiments have been conducted to determine the geotechnical parameters of the
site soil. Moreover, geotechnical and geometrical parameters have been used in the
numerical analysis. It has been observed from the settlement analysis that the oil
tank cannot be kept with full oil height inside the tank. Moreover, the effect of water
table depth on the settlement has also been analyzed. Finally, modified, improved soil
layers are proposed so that the oil tank can be installed with full oil height without
excessive settlement, considering both static as well as dynamic loading.

2 Site Characterization

The site, oil refinery terminal is situated at Sidhpur,Gujarat in India as shown inFig. 1.
An oil tank of 28 m diameter and 20 m height has been required to be installed at
the refinery terminal. Bore log data (Fig. 2) have been obtained from field investiga-
tion through boring method. The diameter and the depth of the borehole have been
considered as 0.15 m and 10 m, respectively. The borehole depth has been evaluated
from the ground surface. In the field, the boring has been performed by the auger
drilling method without any casing. The water table has not been encountered during
boring within the depth of 10 m. Furthermore, for collecting undisturbed samples,
thin-walled Shelby tubes and piston type sampler have been considered standard
practices [34]. Standard Penetration Tests (SPT) have been carried out in borehole
at predetermined depths as per IS 2131 [35]. It has been perceived from the bore
log (Fig. 2) that the soil stratification at the site is primarily comprised of brownish
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Fig. 1 Location of oil storage tank at Sidhpur in India

Fig. 2 Soil stratification and
in situ description in field

non-plastic silty sand to low plasticity silty clay with SPT-N values ranging from
38 to 68. The variation of SPT value with depth is depicted in Fig. 3. The disturbed
soil samples have been collected from the boring operation and split spoon sampler,
have been considered for detailed laboratory tests for the determination of various
geotechnical parameters. The soil parameters obtained from various laboratory tests
have been mentioned in Table 1.

The cross-sectional details of the tank foundation and corresponding footing
parameters are shown in Fig. 4 and tabulated in Table 2. It has been perceived from
Fig. 4 that the top 300 mm a coarse sand blanket has replaced filled-up soil, and
above the sand blanket well-compacted tank pad (Moorum) of 600 mm thick has
been provided. Furthermore, on the top of the tank pad, an anticorrosive layer of
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Fig. 3 SPT N-value
observed during field test

75 mm thick has been considered to avoid any oil or other liquid injection below the
tank foundation [36]. The fixed roof High-Speed Diesel (HSD) storage tank has a
28 m and a height of 20 m. The oil tank is resting on a trapezoidal crushed stone ring
of size 900 mm × 300 mm × 300 mm as shown in Fig. 4. The density of the inside
stored material is 840 kg/m3.

3 Numerical Modelling

In the numerical study, three-dimensional finite element package PLAXIS-3D
version 2017.01 has been utilized for modelling various geotechnical aspects such as
flow analysis, stability analysis, and deformation assessment. In the numerical inves-
tigation, the model dimension has been considered in such a way that the generated
mechanism should not be affected by the boundaries of the domain, as shown in
Fig. 5. The model has been discretized (termed as meshing), using 10-noded tetra-
hedral elements for soil and footing, and 6-noded triangular elements have been
considered for plate element which has been used for tank modeling as shown in
Fig. 5.

In themodeling, standard fixity has been considered. Horizontal fixities have been
used for vertical boundaries. In case of the bottom boundary, horizontal and vertical
fixities have been provided, considering it non-yielding. In the numerical investiga-
tion, the soil has been modeled with Mohr–Coulomb (M-C) model. Although more
advanced constitutive soil models are available, such advanced models require more
input parameters, leading to more complexity in the model than the M-C model.
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Fig. 4 Schematic representation of a tank foundation system

Table 2 Footing parameters

Identification Dry unit
weight
(γdry)
(kN/m3)

Soil model
adopted

Young’s
modulus
(E) (kPa)

Poisson’s
ratio (μ)

Cohesion
(c) (kPa)

Friction
angle (φ)

Tank pad
(Moorum)

18 MC 50,000 0.30 35 –

Crushed stone 22.64 LE 3 × 05 0.35 – –

Anticorrosive
layer
(Bitumen)

15 MC 5000 0.40 20 10

Tank 77 LE 2 × 108 0.15 – –

So, in order to avoid time-consuming and complex, the present model adapted M-C
model. However, earlier studies also successfully used M-C model in the various
static and dynamic analyses [37–41]. M-C model has consisted of strength param-
eters and deformation parameters. Strength parameters are comprised of cohesion
(c), angle of internal friction (ϕ), and dilatancy angle (ψ). Deformation parameters
are included modulus of elasticity (E) and Poisson’s ratio (μ). The steel oil tank of
a thickness of 12 mm has been modeled with the aid of a linear elastic (LE) model.
In the simulation, K0 procedure has been adopted for generating the initial stress
condition in the model.
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Fig. 5 Three-dimensional model of oil tank foundation system in PLAXIS-3D

4 Validation of the Present Numerical Analysis

The validation work has been considered in the present investigation to realize the
intricacies involved in the 3D finite element (FE) modeling and confidence over
the FE modeling. In the present numerical investigation, the field plate load test
conducted by researchers [10] has been taken into account to validate the present
numerical models. In the field experiment, the researchers [10] have considered a
circular plate with a diameter of 300 mm and thickness of 25.4 mm. The loading
arrangement has been taken into account consisted of load platform, hydraulic jack,
and reaction beam to provide load over the plate. The calibrated load cell has been
used in the experiment for measuring the applied load. Four dial gauges have been
considered in the test to measure the plate settlement. According to particle size data,
the field soil was comprised of 24% clay, 38% fine sand, 6% medium sand, and 32%
silt. The cohesion (c), angle of internal friction (ϕ), and bulk unit weight (γb) of soil
were 17 kN/m2, 26° and 18.2 kN/m3, respectively. In the numerical simulation, the
same field soil properties have been considered in the validation investigation. The
model dimension has been considered in such away that the overallmechanism of the
foundation should not be affected by the boundaries of the domain as shown in Fig. 6.
In the investigation, mesh convergence study has been conducted to get an optimal
mesh size for precise results [42]. In the convergence study, load-settlements curves
are plotted for variousmeshing schemes, as shown in Fig. 7, and it has been perceived
that results are almost identical for both fine and very fine meshing. Moreover, a
fine meshing scheme has been taken into account for validation as well as further
numerical investigation to maintain a balance between time and accuracy. It has been
comprehended from Fig. 8 that there is a good agreement in results between the field
test and numerical outcomes.
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Fig. 6 Plate load test [10] modeled in PLAXIS-3D

Fig. 7 Mesh convergence
study
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5 Results and Discussion

In the current investigation, an oil tank settlement has been assessed by considering
the soil properties and water table conditions present at the site. It has been perceived
from the bore log data that the water table has not been found up to the depth of 10 m.
Firstly, the analysis has been performed by considering the oil tank resting over the
dry soil. Afterward, the investigation has been carried out by considering the water
table effect on the oil tank settlement. In the simulation, differentwater table positions
below the ground surface have been taken into account. Finally, the analysis has been
conducted by considering the improved soil properties to install the oil tank with full
oil height.

6 Oil Tank Resting Over Untreated Soil

Analysis Without Water Table. In the present research, the oil tank settlement
has been assessed by considering various normalized oil heights (ho/Hfull, ho = oil
height inside the tank, Hfull = full oil height) inside the tank, as mentioned in Table 3.
The differential settlement is the difference between maximum settlement (smax) and
minimum settlement (smin) generated beneath the oil tank. The safe oil filling height
inside the tank for the corresponding safe differential settlement has been evaluated
from the research materials [43, 44]. The safe differential settlement criteria have
been calculated from the following expressions (Eqs. 1 and 2)

smax − smin <
1

300
(Distance between points of smax and smin) [Safe] (1)

smax − smin >
1

300
(Distance between points of smax and smin) [Unsafe] (2)

Table 3 Differential settlement for different oil filling height

Loading case (Normalized
filling height ho/Hfull)

Max. differential settlement
below tank (mm)

Safe criteria as per Bowles
[44]

1 20 Not Safe

0.75 17 Not safe

0.625 14 Safe

0.5 10 Safe

0.35 9 Safe

0.3 7.3 Safe

0.25 5 Safe
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It has been perceived from Table 3 that the oil tank can be safely installed with a
maximum normalized oil height of 0.625 inside the tank at the present site condition.
Further increase of normalized oil height inside the tank shall be unsafe for installing
the oil tank. Figures 9 and 10 depict the typical color contours of the vertical settle-
ment of the oil tank’s footing with full normalized oil height (ho/Hfull = 1) inside
the tank. Figure 9 is the top view of the footing’s vertical settlement, and Fig. 10
is the vertical cross-section of the top view (Fig. 9). It has been perceived that the
maximum vertical settlement of 96.80 mm has been generated for full storing of oil
inside the tank.

AnalysisWithWaterTable. In the field investigation, thewater table has not been
found at the sitewithin the boring depth of 10m.However, the effect of differentwater
table depths on safe oil storing height has been investigated in the present analysis for
considering the seasonal variation of water table depth. In the investigation, various
normalized depths (Hw/D, Hw = water table depth below ground surface, and D
= diameter of the oil tank) of the water table have been considered. It has been
revealed from Fig. 11 that the water table has a significant effect on normalized
safe oil storage height (Hsafe/Hfull, Hsafe = safe oil storage height, and Hfull = full
oil storage height). It has been perceived that the normalized safe oil storage height

Fig. 9 A typical view of vertical settlement at the foundation level of the tank when completely
filled with oil (ho/Hfull = 1)
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Fig. 10 Settlement contours in vertical direction of footing during full tank condition (ho/Hfull =
1)

Fig. 11 Effect of depth of
water table on safe storage
height of the oil
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increaseswith increasing the normalizedwater table depth. Theminimumnormalized
safe oil storage height of 0.2 has been found for zero normalized water table depth
(water table at the ground surface).

It has been observed that beyond critical normalized water table depth
[(Hw/D)critical] of 0.027 beneath the ground surface, the water table depth does not
affect safe oil storage height. The normalized safe oil storage height for the corre-
sponding (Hw/D)critical of 0.027 is 0.625, which has been found as normalized safe
oil storing height for no water table condition. Figure 12 depicts the typical color
contours of vertical settlement of the oil tank’s footingwith full oil storage for a water
table at ground surface. It has been revealed that the maximum vertical settlement
of 136.20 mm has been generated for full oil storage inside the tank. The settlement
has been increased by 40.70% for the water table at the ground surface compared to
dry soil.

Fig. 12 Typical top view of vertical settlement of footing for water table at ground surface and
ho/Hfull = 1
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7 Oil Tank Resting Over Improved Soil

The present research’s prime goal is to install the oil tank with full oil height inside
the tank at the site. It has been revealed from the above discussion that the oil tank
cannot be installed with full oil height at the present site condition. Moreover, the
scenario shall be more critical for the water table at the ground surface. It has been
perceived that soil improvement is required to install the oil tankwith full oil height at
the site. In the analysis, various modified SPT-N values have been taken into account
for the soil layers and safe oil storage height has been evaluated. Finally, optimum
SPT-N values, as shown in Fig. 13, have been considered to modify the soil layers
accordingly to sustain the oil tank’s footing load with full oil storage height without
any excessive settlement. The SPT-N values shown in Fig. 13 are the minimum
required ‘N’ values at the site to utilize the tank’s full height. According to modified
SPT-N values, the improved soil properties have been taken into account for the soil
layers according to modified SPT-N values [44]. The modified soil properties have
been provided in Table 4. Moreover, the modified SPT-N values are considered in
such a way that the oil tank can be installed with full oil height for the water table
at the ground surface. Figure 14 portrays the color contours of vertical settlement of
the oil tank’s footing with full oil storage for the ground surface’s water table. It has
been revealed that the maximum vertical settlement observed was 54.88 mm. The
total vertical settlement has been reduced by 59.71% by considering modified soil
layers. Furthermore, various soil improvement techniques are available, specifically
vibro-compaction, soil replacement, and cement grouting [45, 46], to achieve the
target optimum SPT-N values.

Fig. 13 Modified SPT value
for the site
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Fig. 14 Typical cross-sectional view of vertical settlement contours of footing of oil tank with full
oil height for improved soil layers and water table at the ground surface

8 Dynamic Analysis

In this section, the oil tank’s stability with full oil height resting on improved soil
has been assessed considering earthquake loading. The water table is considered at
ground surface level to simulate the worst situation. Since the study area is located
at Sidhpur in Gujarat, India. Bhuj 2001 earthquake with PGA value of 0.106 g is
used as input ground motion in the present analysis. The acceleration time history
of the input ground motion is shown in Fig. 15. Material damping of 5% [47] is
used under dynamic analysis using Rayleigh damping coefficients in PLAXIS 3D.
The values of Rayleigh damping coefficients are calculated following the published
paper elsewhere [39]. Sideboundary conditions are simulatedusingviscous boundary
conditions to avoid any reflection of waves. The input seismic motion is provided
at the base of the model. Figures 16, 17 and 18 illustrate the resulting deformation
of the oil tank foundation system in x, y, and z direction respectively subjected to
input ground motion. The maximum displacement of 8.762 mm is observed in x-
direction as shown in Fig. 16. From Figs. 16, 17 and 18, it has been observed that
the influence of input seismic motion on the foundation displacement is negligible.
Hence, it can be concluded that the oil tank with full oil height is stable under the
proposed improved soil.
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Fig. 15 Input ground
motion of Bhuj (2001)
earthquake having PGA of
0.106 g

Fig. 16 Displacement in x-direction due to seismic loading with full oil height for improved soil
layers and water table at the ground surface
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Fig. 17 Displacement in y-direction due to seismic loading with full oil height for improved soil
layers and water table at the ground surface

Fig. 18 Displacement in z-direction due to seismic loading with full oil height for improved soil
layers and water table at the ground surface
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9 Summary and Conclusions

In the present research, the stability of an oil tank of 28 m diameter and 20 m height
has been assessed in terms of settlement with the aid of numerical tool PLAXIS 3D.
The main goal was to install the oil tank with full oil storage safely at the site within
the permissible limit of settlement. In this regard, the analysis has been carried out
for evaluating the settlement and safe oil storage height for tank resting over soil at
present site condition. Then, the water table’s effect on the settlement and safe oil
storage height has been calculated. Finally, ground improvement recommendations
have been given for installing the oil tank with full oil capacity safely considering
the effect of earthquake loading as well. From the above numerical investigations,
the following conclusions are drawn:

• The oil tank with full oil storage height cannot be installed for the present ground
condition. Moreover, the oil tank can safely be installed with a normalized oil
storage height of 0.625.

• The settlement of footing of the oil tank increases with increasing the water
table at the site. The normalized safe oil storage height of 0.2 has been found
for the water table at the ground surface. The water table depth has no effect
on settlement and safe oil storage height beyond a critical normalized water table
depth [(Hw/D)critical] of 0.027.Moreover, the oil tank settlement has been increased
by 40.70% for the water table at the ground level and for full oil storage height
compared to dry soil.

• An optimum set of SPT-N values have been suggested for improving the soil
properties of layers at the site for the successful installation of the oil tank with
full oil height. Furthermore, the oil tank settlement has been reduced by 59.71%
for a water table at ground level and full oil height inside the tank through soil
improvement at the site compared to the present soil condition with the water
table at the ground level.

• It is found that an oil tank with full oil height resting on the improved soil is also
stable under earthquake loading conditions.

Acknowledgements Authors want to acknowledge the fund received from Indian Oil Corpora-
tion Limited (IOCL), Gujarat State Office, Indian Oil Bhavan, Ahmedabad, India, with project
code RD/0219-CEIOCLG-167 (DRD/CE/DC-2/19-20), to carry out the industrial research work
mentioned in this paper.
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Numerical Modeling of Screw Piles
Performance Under Static and Seismic
Loads in Soft Soils

Ahmed D. Alkaby and Mahdi O. Karkush

Abstract The steel helical (screw) piles are a type of deep foundation that consists
of a square or circular shaft and one or more from helical bearing plates. This study is
devoted to simulating the behavior of helical piles under static and seismic loadings
numerically.Moreover, the lateral performance of helical piles under seismic loading
was investigated. Two types of helical piles, HPC1 and HPC2, were analyzed numer-
ically using PLAXIS 3D software, and results were compared with those obtained
from a field study conducted by other researchers. The axial static load was applied
to both types of screw piles, while the seismic loading was applied only to (HPC1)
with two intensities of spectral acceleration (0.28 and 0.47 g). The static failure load
obtained from numerical analysis corresponding to displacement about 5% of helix
diameter well agreed with those measured experimentally. The failure pattern for a
helical pile of spacing to diameter ratio (S/D= 3) was individual plate bearing, while
for the helical pile with (S/D = 2), the failure pattern was a cylindrical shear failure.
Also, the application of lateral dynamic loading at the top of the helical pile reduces
the axial failure capacity of such piles under seismic loading. The zone of maximum
displacement of helical piles under seismic loading extended from the top of the pile
to a distance of 20% from pile length.

Keywords Helical piles · Seismic load · Numerical modeling · PLAXIS 3D ·
Screw piles · Soft clay

1 Introduction

The steel helical (screw) piles are a type of deep foundation that consists of a square
or circular or circular shaft and one ormore from helical bearing plates [1]. The screw
piles are used in many applications to support buildings and foundations that fail [2].
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Recently, the screw piles have tremendous applications due to many advantages they
have such as low cost, simple construction, can be used in restricted areas, and can
support different types of loading at the same time. The helical piles are often used to
support medium and light loads such as buildings, transmission towers, transportable
buildings, solar panels, and oil pipelines [3, 4]. Conventional piles used in structures
with high loads are of large diameter and descend to great depths to transfer the
load from weak soil layers to strong soil layers. These piles affected by seismic
loading due to their large diameter so the screw piles are used to resist earthquake
forces due to the small diameter of the shaft and the large diameter of the helices [5].
Screw piles were used all over England in the mid-nineteenth century, and then in
Britain, it expanded further in the globalization of the helical piles. AlexanderMichel
visited the United States in the mid-1800s century to consult on screw foundations
for the first time in the states. Nearly 100 lighthouses were builds over forty years
on helical foundations on the east coast of North America. From 1900 to 1950, their
use declined dramatically due to the proliferation of mechanical piles and drilling
piles [6].

Abdrabbo and El-Wakil [7] studied the helical piles’ behavior inserted in sandy
soil and loaded laterally. The behavior of helical piles of different diameters was
compared with piles without helices. The results showed that the percentage of
improvement resulting from the presence of helices reached 2.83 of failure load
corresponding to a displacement equivalent to 2.5% of the diameter of the helix.
Orang et al. [8] reported in their study the behavior of a helical pile below a shallow
foundation in a shaking table for liquefied soil at the University of California. The
results highlight the significant improvement in the shallow foundations behavior
supported by helical piles and reduced settlement due to liquefaction. Costa [9]
conducted seven load tests on a helical pile to check pullout capacity with cyclic
loading in pure sand deposit and three tests on cyclic static loading. In addition, two
tests on a semi-static cyclic loading were conducted. The results show that cyclic
static loading increases the stiffness of the soil-pile system. In contrast, the results
that appeared for the second test reduces pile stability and the stiffness of the soil
pile system. This study aims to numerical modeling of helical piles of different
configurations installed in soft soil and determine the spacing ratio between the
helical bearing plates and the helix plate diameter (S/D). In addition, the lateral
performance of helical piles under seismic loading was investigated using PLAXIS
3D (V20) software.

2 Numerical Modeling

Numerical modeling is widely used to simulate the foundations behavior and compu-
tational simulation of scenarios in different geotechnical projects. One of the advan-
tages of PLAXIS is using various soil models in the calculation, which allows
modeling (evaluate) their behavior under loading and unloading [10]. The pile
response under arbitrary static axial loading and seismic loading was computed
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Table 1 Materials proprieties of the soft soil layers [11]

Depth (m) Description cu (kPa) γ (kN/m3) Ks υ E (MPa)

0–3.0 Sandy silt 36 17 1 0.49 24

3.0–10.25 Silty clay (very soft) 9 17 1 0.49 7

Table 2 The pile dimensions used in the analysis [11]

Piles Shaft
diameter
(mm)

Wall thick.
(mm)

Depth (m) Helix
diameter
(mm)

Spacing
between
helices (m)

v E (GPa)

HPC1 178 10 7.2 610 1.83 0.3 200

HPC2 114 10 3.2 406 0.81 0.3 200

using FEM code PLAXIS 3D within this study. PLAXIS 3D is a worldwide used
code for the stress–strain, stability, and groundwater flow analysis in geotechnical
engineering, which supports an easy graphical input of the models with complex
geometry and the symbolic presentation of the results.

Piles and Soils. Two models of helical piles tested in the field are analyzed using
PLAXIS 3D V20 [11]. The screw piles were inserted in soil mass consists of sandy
silt layer extended from the soil surface to a depth of 3 m underline by a very soft
silty clay layer of thickness 7.25 m as shown in Table 1. The water level was at 1 m
below the ground surface. The first pile (HPC1) was a hollow shaft pipe pile with
three bearing helix-plates with a diameter of 610 mm and 7.2 m. The second pile
(HPC2) is a hollow shaft pipe pile that has two bearing helix-plates with a diameter
of 406 mm and a length of 3.2 m. The dimensions of the two piles are given in Table
2 and Fig. 1.

Pile–Soil Interface. The connection between the pile and the surrounding soil is not
rigid, it is considered a weak region, so there is a relative displacement between the
pile and the surrounding soil. The surrounding soil can be affected and disturbed by
the installation of the helical pile due to a rotation inside the soil by the action of
helices. The disturbance of soil depends on the soil interfaces strength and the type of
pile used (steel, concrete, wood). The elastic-perfectly plastic Mohr–Coulomb (MC)
model with a non-associated flow rule and zero tension cut-off criterion defines
the pile-soil interfaces constitutive behavior (when tension develops a gap between
the pile and the surrounding soil generated). The strength reduction factor (Rinter)
depends on the parameters of shear strength of the pile-soil interface (cinter, ϕinter),
where the reduction in the shear strength parameters (c′ and ϕ′) of the MC model
can be calculated according to the following Equations [12]:

cinter = Rinter , c′ (1)

tanϕ inter = Rinter · ϕ′ (2)
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Fig. 1 Dimensions of two helical piles used in this study

where.
Rinter: Interface factor.
cinter: Cohesion of the interface (kN/m2).
c′: Cohesion of soil (kN/m2).
ϕinter: Friction angle of the interface (°).
ϕ′: Friction angle of the soil (°).
The pile-soil interface values in PLAXIS can be set directly using a

strength/stiffness reduction factor (Rinter ≥1.0). The default value isRinter =0.7 repre-
sents a fully bonded pile-soil interface. In the finite element analysis, the boundary
conditions necessary to properly be taken into account for reliable pile behavior
prediction. In static substrate analysis, it is placed in a fixed boundary that is suffi-
cient not to affect the results extracted within the region of interest. On the other
hand, in dynamic analysis in general, the boundary conditions have large and affec-
tive states of great importance, and their treatment is more complex than in static
analysis as it depends on the dynamic frequency range and the type of loading. For
geotechnical engineering, dynamic forces are either in the form of cycles or vibra-
tions that result from within the model or earthquakes. Abbas et al. [13] presented a
finite element modeling of the pile boundary conditions to the outer boundaries that
could not affect the results. The soil surface distances are of a cube shape of 10D
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Fig. 2 Dimensions and cross-section of a typical mesh and an embedded helical pile of the
numerical model

on each side of the center of the pile diameter and 5D below the base of the pile, as
shown in Fig. 2a.

Mesh Properties. The soil is modeled in a rectangular with external dimensions
equivalent to (20D) for the surface dimensions (x, z) and (5D + Lpile) for the
depth dimensions (z). A mesh containing (10) nodded elements are sufficient to
give accurate results, and this number of elements is the largest number used by
the program PLAXIS 3D (V20). The study focuses on the horizontal and vertical
displacement and soil reaction. The head of the pile is at the level of the soil surface.
The piles weight is the same as the soils weight to avoid the helical piles vertical
settlement. The coarseness of the grid was select as amedium. The result of soil mesh
generated by PLAXI 20,591 elements and 33,193 nodes that form medium-mesh as
shown in Fig. 2b.

Seismic Loading. The vibrating of soil imposes large curvatures on the piles, which
will generate forces, especially bending moments, because even if the superstructure
was not present, such moments generated. These are called "kinematic moments"
to distinguish them from those moments resulting from the structures above the
head of the pile “moment of inertia”. In addition to those mentioned above, it is
necessary to focus on the moments “kinematics and inertia” to predict piles response
under seismic loading and meet the design requirements [14]. Iraq is geographically
located on the Arabian Plates northeastern boundaries and technically in areas with
relatively active earthquakes. The seismic history of Iraq shows the presence of
annual seismic activity of varying strength. The southern and southwestern regions
have less seismic activity than the northern and northeastern regions. The statistical
results of earthquakes with magnitudes 4–5.4 Richter scale constitute 90.95%, while
units with magnitudes 5.5–7.4 Richter scale constitute 6.03% of the total events.
These results for the regions of Iraq with the classifications were agreed upon [15].

Gazetas and Dobry [16] presented a simplified linear method that predicted the
response of piles to radiation damping andmaterial using the available static stiffness
(taken fromafinite element or through another acceptablemethod) as thismethodwas
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considered useless for seismic analysis due to the linearity assumptions. The seismic
range for typical frequencies is 0–10 Hz, while 0–1 is for marine environmental
loading, and 5–200 is for machine foundations [17]. A study by Farman and Said
[18] presented the spectral acceleration for the governorates (Baghdad, Erbil, and
Basra), where the spectral acceleration amount was ranged from 0.17 to 0.47 g for
type (PGA). The values (0.28 and 0.47 g) were used in this study according to the
2016 Iraq code for the values of PGA, as shown in Fig. 3. The Baghdad governorate
spectral acceleration was applied in this study for values of and the failure load under
seismic loading assumed corresponding to a displacement (amplitude) of 5% of D
(where D is the diameter of the helix) was applied. Equation 3 was used to extract
the frequency value, where the value of the frequency for (0.28 g) was (4 Hz), and
for (0.47 g) equivalent to (5 Hz), through (0.5 s) [19].

F =
√

GA
2π2D

(3)

where D is displacement (mm), A is the acceleration (g), F is the frequency (Hz),
and G is a constant (9.80665 m/s2).

Fig. 3 PGA values from the seismic design code of Iraq (2016) [18]
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3 Results and Discussion

A numerical analysis conducted in this study using PLAXIS 3D software is imple-
mented on a model of dimensions 12 × 12 × 10.25 m. A theoretical model is devel-
oped to predict the axial compression of the helical piles in soft soils. The applied
load of 143 kN for (HPC1) and an applied load of 106 kN for (HPC2) are applied
on the head of helical piles. Figure 4 shows a comparison between the results of the
load-settlement obtained from the current study with Elsherbiny and El Naggar [11]
field study results. The failure load can be determined from the standard of 5% of the
helix diameter of the helical pile (displacement of 30 mm), where the failure rate for
the helical pile (HPC1) was (136 kN) for the field study [20], in contrast, the failure
rate for the numerical analysis was (139 kN). The failure rate for the helical pile
(HPC2) was (92 kN) for the field study. In contrast, the failure rate for the numerical
analysis was (89 kN).

The helical pile (HPC1) has a spacing ratio between the helical bearing plates to
its diameter (S/D) of 3, and the helical pile (HPC2) has S/D equals 2. The numerical
analysis results showed the distribution of plastic points for HPC1 reflected a failure
pattern of individual plate bearing, and for HPC2, the failure is cylindrical surface,
as shown in Fig. 5. Therefore, comparing the failure load of two helical piles (HPC1)
with (HPC2) depends on the length, the number of helices, and the diameters of the
shaft and the helix. However, the cylindrical resistance of helical piles is more than
the individual load-bearing of helical piles.

Seismic Loading. This part includes implementing a numerical study on screw
pile HPC1 under the effect of seismic loading of spectral acceleration of 0.47 g and
subjected to dynamic lateral load at the top of the helical pile, as shown in Fig. 6.
Lateral seismic loading affects the resistance of the soil to the axial loads imposed on
the helical pile as the vibrations resulting from earthquakes distort the soil adjacent
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Fig. 4 Verified between the numerical models in this study and field study
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HPC1 HPC2

Fig. 5 The plastic points (individual bearing) for HPC1 and cylindrical shear resistance for HPC2

Fig. 6 The helical pile under seismic loading

to the helical pile, which leads to settlement in the soil. Figure 7 shows the axial
settlement of helical piles subjected to seismic loading, the first phase represents
the seismic loading (0.47 g) without dynamic loading, while the other phase with
dynamic loading (10 kN). The helical pile is subject to a high lateral displacement
resulting from seismic loading (0.47 g) in addition to lateral dynamic loading on the
surface of HPC1. Figure 8 shows the lateral displacement result from the seismic
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Fig. 8 Effect the lateral displacement through seismic loading with dynamic loading (10 kN)

loading for the same PGA above that is under static axial loading of HPC1. It is
possible to compare the lateral displacement resulting from lateral seismic loading
with and without static axial loading. Figure 8 shows a slight reduction in the lateral
displacement under seismic loading when the screw plies support an axial static
loading. While the axial load application causes a significant decrease in the lateral
displacement of piles subjected to passive earth pressure [21–23].

To investigate the effect of lateral loads on helical pile response, several intensi-
ties of lateral dynamic loading were applied at the top of the helical pile (HPC1) and
subjected to seismic loading of intensity (0.47 g). The variation of lateral displace-
ment of the helical pile subjected to lateral loading of several instensities (10, 20,
40, and 80 kN) are shown shown in Fig. 9. The variation of lateral displacement
with time at several depths of helical pile HPC1 subjected to a seismic loading of
intensity 0.47 g and lateral dynamic loading of intensity 10 kN is shown in Fig. 10.
The results showed decreasing the lateral displacement of the helical pile with depth
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Fig. 10 Variation of the lateral displacement of helical pile HPC1 with time at several depths from
the soil surface (seismic loading intensity (0.47 g) and lateral dynamic loading (10 kN))

and the maximum value registered at the soil surface. Mostly, the lateral displace-
ment of the helical pile under both seismic loading and lateral loading at soil surface
vanish at depth equals 20% of pile length as shown in Fig. 10. The variation of
lateral displacement with lateral dynamic loading is shown in Fig. 11. According
to the failure criterion of failure load corresponding to the displacement of % from
helix diameter, the failure later load is 48 kN.

Figure 12 shows the effect of lateral displacement resulting from seismic loading
for two intensities of spectral acceleration (0.28 and 0.47 g) without axial static load
and subjected to a lateral dynamic load of the intensity of 10 kN. The results showed
that the PGA 0.28 g causes a more significant lateral displacement than the lateral
displacement resulting from the PGA 0.47 g. This difference can prove from Eq. 3, in
which an inverse relationship between the acceleration and displacement. Figure 13
shows the axial displacement resulting from applying the two spectral accelerations,
where no difference was noted between the two intensities of acceleration on the
vertical displacement of the pile.
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4 Conclusions

3D numerical simulations of the large-scale model using PLAXIS software were
performed on two types of helical piles under the effects of static and seismic loading.
The two types of helical piles were subjected to axial static loading, and then one of
them was subjected to seismic loading of acceleration intensity of 0.28 and 0.47 g.
Based on the results of this study, the following points can be drawn out:

• The failure load obtained from numerical analysis, corresponding to a displace-
ment of 5% of helix diameter, is well agreed with those measured experimentally
from field tests conducted on helical piles (HPC1 and HPC2).

• Increasing the number of helices causes increasing the ultimate carrying capacity
of screw piles under static loading.

• Increasing the spacing ratio between the helices and the diameter of the helix
(S/D) from 2 to 3 changes the failure mechanism from cylindrical shear failure to
individual bearing failure.

• The lateral displacement of screw pile resulting from the seismic loading of accel-
eration of 0.28 g is 1.5, resulting from the seismic loading of acceleration of
0.47 g. Increasing the intensity of acceleration causes decreasing the resulted
lateral displacement.

• The application of lateral load on the top of the helical pile causes reduction of
failure axial capacity of the pile under the effect of seismic loading of intensity
0.47 g.

• The maximum lateral displacement of the helical pile under seismic loading
occurred in the zone extending from the top of the helical pile to a depth of
20% from pile length.
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Numerical Simulation of Driven Piles
Under Static Axial Compressive Load
Testing Using Finite Element Model

Hazim AlKhafaji and Meysam Imani

Abstract The pile load capacity is driven in soil using the numerical simulation
depending on the finite element method employed PLAXIS 3D programwas investi-
gated. A full 3Dmodel of a driven pile under static compressive loadwas created. The
model was validated with three experiential static load tests located in Baghdad-Iraq,
employed ASTM 1143–07. The results show good agreement and validity between
test results in different methods. The numerical analysis indicates a settlement (7–
8%) more than the experiential settlement, the low difference in the results due
to increased soil stiffness below the driven pile in the site through the installation
process. The predicted results extended to be more comprehensive by using sensi-
tivity analysis with different soil parameters, indicate that the numerical simulation
appears an appropriate analysis for the driven pile installation process. The study
provided a numerical simulation method because of charts and figures to be useful
for geotechnical engineers.

Keywords Settlement · Numerical method · PLAXIS 3D · Driven pile

1 Introduction

Driven piles or displacement piles are prefabricated components (concrete, steel,
or wood), pushed into the ground by hammering, pressing, or vibration. During the
installation process of the driven pile, the soil neighboring the pile will be changed in
its structure with a degree of remolding. This behavior will increase the soil stiffness
and compacted beneath and surrounding the pile [1]. The simulate of the installa-
tion process of the driven pile model in FEM is intricate compared with modeling
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the bored piles since the soil is compacted and displaced, not removed, and signifi-
cant change in the soil fabric with an increase in the stiffness and strength. Unclear
understanding of the complicated installation process of the driven piles model in
the FEM led to few published papers in this field [2]. Numerical simulation was
investigated, and the hardening model was considered for soil surrounding the pile
[3]. For complicated geometries in foundation problems, its highly recommended to
use PLAXIS 3D [4]. The PLAXIS has the ability of capable of considerable defor-
mation and employed the program under concept FEM to model the pile installation
in complex soil behavior adjacent to the pile [5]. The simulation of pile foundations
testing using the computer program PLAXIS 3D Foundation reduces the time for
calculation of pile settlement and money spent on arranging pile groups and testing
[6]. Since the analysis of the problem is sophisticated, PLAXIS 3D program was
used to model the complexity arising from geometrical [7].

The remodeling of soil structure due to pile installation process changed the
base capacity, and the numerical simulation was considered to tests two piles in the
sand [8]. The random finite-element method to analyze piled raft foundation was
investigated, the spatial variability of soil parameters was considered [9]. Later, [10]
studied an analytical approach for predicting single pile behavior in clay and the
changes in both the strength and stiffness of the surrounding soil of installed single
pile to predict the permanent change in mean effective stress.

In this paper, the finite element method was applied for modeling driven piles
(precast concrete pile) under a static axial compressive load test. Sensitivity analyses
were performed, considering different soil properties. Emphasis was performed on
the load capacity and the settlement at design loads for the driven pile. The validity of
the obtained results wasmade with three experiential static load tests using kentledge
systems performed et al.-Rashdiyah district, Baghdad city, Iraq, in May 2013, five
weeks after piles installation.

2 Site Characterization

The test site is located in Iraq-Baghdadgovernorate, et al.-Rashdiyahdistrict, Fig. 1-a.
The site, in general, is a flat area composing of a cohesive soil layer, which consists
of soft to very stiff brown lean or fat clay to silt (CL, CH, ML), sometimes with
sand. This layer extends from the natural ground surface (N.G.S.) down to the depth
range between (8.75–15.0) m, as shown in Fig. 1b. Figure 1c presented the Standard
Penetration Test (S.P.T) profile. The water level depth was between (1.25 and 1.5) m
under the ground level (N.G.S). Table 1 presented the soil properties.
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Fig. 1 a Site location (33° 31′ N, 44° 12′ E), b soil profile through boreholes, c (S.P.T) standard
penetration test profile

Table 1 Properties of the soil foundation

Soil type Saturated
density
γsat (kN/m3)

Dry density,
γd (kN/m3)

Elasticity,
E(kN/m2)

Friction
angle, ϕ

Poisson’s
ratio, ν

Cohesion,
c (kN/m2)

Silty clay 20 17 15,000 39° 0.32 0

3 Experiential Static Axial Compressive Load Test

The static axial compressive load test was performed according to the American
Standard TestMethod, ASTMD1143/ D1143-07 [11], in which the dead load weight
(Kentledge) systemwas applied using a hydraulic jack acting against a reaction beam.
A schematic of the test is shown in Fig. 2a. The maintained vertical compression
load test is commonly executed to predict the settlement and ensure the structural
and geotechnical soundness of the piles. The test steps are to increase the load

Fig. 2 a Scheme of compression load test installation using dead load weight (Kentledge), b
photograph of the three performed tests
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Table 2 Load and settlement values for single piles in compression tests

Test No Load (kN) 147 294 441 588 735 883

Test No.1 Settlement
(mm)

0.25 0.68 1.29 2.15 3.02 4.68

Test No.2 0.32 0.71 1.35 2.11 3.09 4.83

Test No.3 0.35 0.78 1.38 2.19 3.23 5.4

incrementally to reach the working load at the specific safety factor. If the failure
occurs during loading, the applied load is kept fixed until the total axial movement
equals 15% of the pile diameter or width is reached.

As shown in Fig. 2b, three compression tests were performed on single piles with
square cross-Sect. (285 mm × 285 mm) and 11.5 m penetration length. 294 kN (30
tons) design load considered, the load increment was increased to three times of
design load as maximum to predict the maximum settlement. The test was applied
for increased load incrementally and cumulatively with six values started 147 kN (15
tons) for the pile. Each increment value was preserved for a time interval of about
15 min until pile displaced occurred at a small or no load applied. The dial gauge
readings were recorded for each increment. However, the test was stopped when the
maximum load increment reached or the total axial movement equals to 15% the pile
diameter or width occurred. The results for the three test piles are presented in Table
2, which shows little scatter.

4 Numerical Modeling

Modeling Characteristics. Using Finite element analysis is widespread for many
practical engineering projects. In this study, the PLAXIS 3D-2013 program was
employed to simulate a single driven pile. The obtained results were verified using
the experiential pile load tests discussed in the previous section. Also, Sensitivity
analyses were performed.

Boundary Condition. Figure 3 shows a general view of the constructed model with
dimensions equal to 50 × 50 × 20 m. The pile penetration length and cross-section
are equal to 11.5 m and 285 mm × 285 mm, respectively. The distance between the
pile body and the model boundaries was considered equal to more than four times
the pile length [8, 12]. The bottom boundary of the model was fixed in all directions,
while the side boundaries were free to displace in the vertical direction. According
to the site investigation, the groundwater level was considered at a depth equal to
1.3 m.

Materials Model. The Hardening soil model (HS) was considered for the soil mate-
rial. In contrast with theMohr–Coulombmodel (MC), (HS) can take into account the
difference in soil stiffness between Virgin-Loading and unloading- reloading. This
capability results in higher accuracy of the findings. For activating such a capability,
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Fig. 3 A general view of the 3D model for a single driven pile

the unloading—reloading elasticity modulus Eur of soil should be introduced for the
model. Referring to [13], it can be assumed that unloading–reloading modulus Eur

= 3E50, in which E50 is equal to the tangent stiffness modulus Eord of the soil, Eord

= E50, E50 is equal to the soil elasticity modulus E. In addition, the pile concrete
was assumed to behave as a linear elastic- Non-porous material with the elasticity
modulus equal to 3 × 107 kN/m2 and the unit weight equal to 24 kN/m3.

Numerical Analysis. An interface reduction factor between pile and soil was consid-
ered to get reliable data and decrease in calculation time [14]. For the interface for the
soil—pile contact surface, a strength reduction factor equal to 0.67 wasmultiplied by
the shear strength properties of the soil [15]. The coefficient of lateral earth pressure,
K0 = 0.48 (corresponding to υ = 0.32) was considered, after [16] formula K0 =
υ/ (1-υ) (υ being Poisson’s ratio). The soil and pile clusters were modeled using
a fine mesh with 8-noded in the tridimensional model to obtain a better gradient
along the pile penetration length, as shown in Fig. 4. The numerical analysis was
performed in three phases: generating the initial stresses, activating the pile elements,
and applying the incremental load to the pile head according to the loading steps in
the real experiment of the considered project.

5 Results and Discussion

Verification. Figure 5 shows a comparison between the load-settlement curve
obtained from the numerical analysis and those obtained from the driven pile tests
(according toTable 2). Good agreement can be seen among the results. Themaximum
difference between the results of the numerical method and in-situ tests is about 7%.
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Fig. 4 3D Numerical model of the problem
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Fig. 5 Comparison between the finite element method (FEM) and in situ test results

Sensitivity Analyses. The critical issue in applications such as pile is probably the
magnitude of vertical displacements during operation conditions, not estimating the
axial capacity of pile foundation [17]. For checking the effect of different parameters
on the load–settlement curve of the pile, sensitivity analyses were performed. Three
caseswere considered in the analyses, using the properties pointed out in Table 3.One
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Table 3 Properties of the materials models

Material
type

Model
type

Saturated
density
(kN/m3)

Dry
density
(kN/m3)

Elasticity
(MPa)

Friction
angle,

Dilatancy
angle,

Poisson’s
ratio

Cohesion
kN/m2

Case (1) (HS)
Drained

20 17 15 25°,
30°,
35°

0, 0, 5° 0.32 0

Case (2) 20 17 15 0 0 0.32 20, 50,
100

Case (3) 20 17 15, 30,
60

39° 9° 0.32 0

of the surrounding soil properties was changed in each case, while other parameters
were kept fixed.

Figure 6 shows the load–settlement curve for case 1. It is clear that by increasing
the soil friction angle from 25° to 39°, the asymptotic line to the curve occurs in
higher magnitudes of applied load, which means a higher bearing capacity using the
tangent intersect method. As practically, the dilatancy angle assumed about 30° less
than the friction angle [8]. The ultimate load-bearing capacity for the cases of φ =
25, 30, 35, and 39° are equal to 860, 910, 960, and 1000 kN, respectively.

Figure 7 shows the load–settlement curve for case 2. Three different soil cohesion
were considered, and the friction angle equal to zero was used. The incremental
load was increased until the asymptotic line to the curve occurs. The load-settlement
curve’s behavior showed by increasing the soil cohesion for selected values, the
ultimate load-bearing capacity increase for the cases of c = 20, 50, and 100 kN/m2

is equal to 980, 1180, and 1200 kN, respectively.
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Fig. 7 Effect of the soil cohesion on the load—settlement curve

Figure 8 shows the load–settlement curve for case 3. Three different soil elas-
ticity modulus were considered, the incremental load was increased until the asymp-
totic line to the curve occurs, the behave of the load—settlement curve showed by
increasing the soil elasticity modulus for selected values, the ultimate load-bearing
capacity increase, for the cases of E = 15,000, 30,000 and 60,000 kN/m2 are equal
to 980, 1180 and 1200 kN, respectively.

Effect of Penetration Pile Length (Lp). The apparent increase in pile shaft friction
by increasing penetration pile depth (Lp) could significantly increase capacity, as
shown in Fig. 9. Using the soil properties in Table 1, three different penetration pile
depths (Lp) were considered. The ultimate load-bearing capacity for the cases of Lp
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Fig. 9 Effect of the penetration pile length (Lp) on the load–settlement curve

= 11.5 m, 14.4 m, and 17.5 are equal to 975, 1080, and 1170 kN, respectively. This
figure will be helpful for the designer to select the suitable pile penetration length
with appropriate load capacity and minimum settlement.

6 Conclusions

The present study investigated the numerical simulation employed PLAXIS 3D and
experiential method using ASTM 1143–07 to test-driven pile under static axial load.
The results showa good agreement between the twomethods is about 7%. In addition,
the numerical simulation analysis proved that the interface reduction factor between
pile and soil was influential. The predicted results extended using the Sensitivity
analyses for different soil parameters show acceptable values to introduced load–
ettlement curve, penetration pile depth (Lp) was investigated, and increased capacity
with increasing penetration pile depth. The obtained result is presented because of
figures to be easy to use by the geotechnical designer.
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Experimental Investigation of Pullout
Capacity of Screw Piles in Soft Clayey
Soil

Asaad A. Hussein and Mahdi O. Karkush

Abstract Screw piles are considered one of the distinctive and unique engineering
solutions because of the characteristics and advantages that it possesses such as its
appropriate cost, the speed and ease of implementation and the suitability of its use
with places with restricted access, with the flexibility of design and manufacture
according to the conditions of the ground and the amount of forces required to resist.
In this study, a series of experiments conducted on a single screw pile with a variable
aspect ratio (L/D = 10, 13.33, and 20) under the influence of static pullout loads.
The screw piles were inserted in soft soil of unit weight (18.72 kN/m3) and moisture
content (30.19%) andwith a liquid limit= 55%, and plasticity index= 32.A physical
model with a laboratory scale was designed for this purpose and instrumented with
the necessary equipment. The load-settlement curves and from these curves were
used to calculate the ultimate pullout capacity of screw piles by adopting the failure
criterion of settlement equals to 20% of helix diameter. The results of experimental
tests showed a significant increase in the pullout capacity of screwpiles in comparison
with an ordinary pile (426.6, 766.67, 1186.67)%.Also, the results showed increasing
the pullout capacity of piles with increasing the aspect ratio and well agreed with
those obtained theoretically.

Keywords Screw pile · Soft soil · Pullout loads · Upward movement

1 Introduction

Helical or screw piles are an improved type of steel tube piles by adding loading
plates around the shaft of the regular steel pile. These plates are fixed to the iron
shaft of the pile by welding or riveting consisting of one or more bearing plates
and sometimes these plates are multiple and connected to form a continuous screw
thread along the iron shaft. In general, the helical plates increase the interaction
between soil and pile which resulted in increasing the bearing capacity of screw
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piles for tension, compression, and lateral loading conditions. The screw piles used
effectively in many applications on land and in the sea, they are used in construction
sites that suffer from high levels of groundwater and in the foundations of power
transmission and communication towers as well as to provide support to the sides of
the excavation. Also, the construction of screw piles is very easy which not required
specific equipment and speed of implementation that does not require filling or
grouting and is used in the sea to install pipelines to the seabed and platforms at
the coast [1]. The construction in problematic soils such as soft soils is considered
one of the widespread problems facing the geotechnical engineers, so using screw
piles is considered one of the solutions to avoid such obstacles. The factor that will
govern the design process is the amount of settlement and not the bearing capacity
alone, as what distinguishes soft soils is high compressibility and weak bearing
capacity compressibility (CC ranges from 0.19 to 0.44) and the low undrained shear
strength (cu is less than 40 kPa) [2].

The ultimate pullout capacity of screw piles inserted in clayey soil compared with
the estimated ultimate pullout capacity of screwpiles using two approaches of failure:
individual plate bearing or cylindrical soil shearing along the surface between the
plates. The results of tests showed a significant influence for the spacing between
helices on the ultimate pullout capacity ofmulti-helix [3]. The performance of helical
piles under pullout loading in organic soils was investigated. Several parameters had
been studied such as the density of soil, the number of piles, and spacing between
helices ranged from 0.1 to 0.5. The results of the tests proved that the ultimate
pullout capacity of screw piles depends mainly on the spacing to the diameter ratio
[4]. A comprehensive numerical and physical modeling into the mechanics of screw
piles and the effect of installation was investigated. Also, a closed-form solution
was proposed to calculate the ultimate bearing capacity of screw piles inserted in
saturated clay using finite element software ABAQUS to account for installation
effects with various configurations and loading conditions. The results obtained from
experimentalworkwell agreedwith those estimatedby theproposednumericalmodel
taking into consideration the factors affecting the installation of screw piles [5].

The behavior of a single screw pile embedded in soft clay soil overlying sandy
soil loaded in compression was investigated by conducting a series of experiments
in the laboratory. Several parameters were investigated such as embedded depth,
number of helices, diameter of helix, and spacing between helices. The experiment
results showed that the ultimate bearing capacity of screw piles (9–16) times more
than ordinary piles [6, 7]. Mukhlef et al. [8] investigated the behavior of screw piles
having several aspect ratios (L/D) inserted in gypseous soils and subjected to axial
loading. The tests were conducted in dry and soaking conditions to evaluate the effect
of gypsum dissolution on the bearing capacity of screw piles. The results of tests
showed increasing the bearing capacity of screw piles with decreasing the aspect
ratio. Also, the soaking of soil causes a significant decrease in the bearing capacity
of screw piles in gypseous soil. The pullout capacity of screw piles with continuous
helices over the embedded depth (L) in soft clay has been investigated in this study.
The aspect ratio of screw piles (L/D) has a significant influence on the behavior of
screw piles which can be divided into two groups: flexible piles with L/D > 20 and
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rigid piles with L/D < 20. The experimental results of ultimate pullout capacity were
comparedwith those calculated theoretically to evaluate the validity and applicability
of existing theoretical equations for estimation the ultimate pullout capacity of screw
piles in soft soils.

2 Geotechnical Properties of Soft Clay

The soil samples were obtained from the quarry of the Kufa cement plant located
southwest of the Qadisiyah Governorate. The groundwater table was encountered at
depth of 4 m from natural ground level and the soil samples were obtained from a
depth of (4.25 to 4.5)mbelow the level of the natural ground. The visual classification
of soil indicated that the soil samples are cohesive pure clay loamy soil. In order to
determine the geotechnical properties of the soil used in this study, these samples
were subject to a program of tests that included determining the field density and
moisture content, which are the main factors in the preparation of bedding soil in the
physical model. The chemical, physical, and mechanical properties of used soil are
summarized in Table 1.

3 Physical Model and Piles

Model Piles. Threemodels of screw piles have an aspect ratio (L/D) of 20, 13.33, and
10, and one ordinary pile of regular circular cross-sectional area of an aspect ratio of
30.77. The ratio of (1:10) was adopted to correlate between the laboratory models
and field models. The screw piles were used with a constant embedded length (L)
of 400 mm and variable configurations of diameters and spacing between helices. A
constant ratio between the diameter of helices (D) to the diameter of shaft (d) was
equal to 2.5. Details and dimensions of used piles in tests are given in Table 2 and
shown in Fig. 1.

Physicalmodel. Themodel consists of twomainparts: thefirst part is a steel container
that contains the soil and consists of separate and removable parts. It was made of
iron plates with a thickness of 8 mm and dimensions of 70 cm length, 70 cm width,
and 70 cm height and is seated on a base of iron plate. At the center of the base,
the container has an opening of 1.25 cm in diameter which is connected to a valve.
This valve is connected to a tank to conduct soil saturation from the bottom to the
top of the soil. The water level in the reservoir is usually 20 cm more than the soil
surface to ensure soil saturation, ensure soil saturation and equalize pore pressure
with a pore water pressure transducer (Model 4500DP). The transducer is made of
high-quality stainless steel and designed to handle pressure from−50 to 4000 kPa, as
it can measure negative water pressures up to−50 kPa. This container is coated with
anti-rust paint and two layers of oil paint to avoid corrosion during the inspection
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Table 1 Chemical and geotechnical properties of soft clay

Test name Specification Soil property Unit Value

Specific gravity ASTM D854 Specific gravity, Gs – 2.75

Atterberg’s limits ASTM D4318 Liquid limit, LL % 55

Plastic limit, PL % 23

– Plasticity index, PI % 32

Grain size analysis ASTM D422 CH Clay % 36.3

Silt % 62.7

Standard
Compaction

ASTM D698 Maximum dry unit
weight

kN/m3 15.4

Optimum moisture
content

% 22

Field unit weight – Field unit weight kN/m3 18.72

Moisture content ASTM D2216 Moisture content % 30.19

Falling head ASTM D5084 Permeability, k m/s 2.84 × 10–8

Chemical properties BS 1377 (1990)
Part 3

Sulfur content, SO3 % 0.28

Chloride content, Cl−1 % 0.03

Total Dissolved Solids,
TDS

mg/l 110

Gypsum content % 2.00

CaO content % 17.61

pH value – 9.50

Organic matter
content, OMC

% 2.8

1-D Consolidation ASTM D2435 Compression index,
Cc

– 0.183

Swelling index, Cs – 0.043

Unconsolidated
undrained triaxial

ASTM D2850 Undrained shear
strength, cu

kPa 20.35

Unconfined
compressive
strength

ASTM D2166 Unconfined shear
strength, Su

kPa 21.5

Table 2 The details of the dimensions of the piles

Pile Shaft Dia.
(mm)

Embedded
depth, L
(mm)

No. of
helices

Spacing
between
helices, S
(mm)

Diameter of
helix, D
(mm)

L/D ratio S/D ratio

PD13 13 400 – – – 30.8 0

PD20 8 400 21 15 20 20.0 0.75

PD30 12 400 15 25 30 13.3 0.83

PD40 16 400 13 30 40 10.0 0.75
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Fig. 1 Model piles used in
tests

period of tests, the schematic diagram of the physical model is shown in Fig. 2. The
second part consists of a hydraulic piston used to apply load on the pile head. The
magnitude of applied load was measured by a load cell that is fixed to the head of the
hydraulic piston and the vertical displacement of the pile was measured by using a
linear variable differential transformer (LVDT). The signal generated in each LVDT
and load cell, are received and converted into the values of the settlement and the
applied load by using the Arduino software as well as the LabVIEW program, where
the outputs of each examination are controlled through these two programs.

Soil bedding. The soil bed was prepared according to the field unit weight of 18.72
kN/m3 and corresponding moisture content of 30.19%. The soil bed in the iron box
was divided into six layers, so that the thickness of one layer after compaction does
not exceed 9 cm, where the final height of soil in the container will be 60 cm. A
layer of sand of 3 cm thickness was placed at the bottom of the container and used
to protect the bottom of soil from disturbance during the saturation process which
continued for 48 h and to ensure that the saturation process occurs in a smooth and
complete manner. Also, a torque is applied on the head of screw piles gradually to
insert the pile in the center of the soft soil bed and torque stopped after reaching
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Fig. 2 Section in the physical model (Dimensions in cm)

the required depth of 40 cm. Enough care and control should be taken to keep the
vertical line of the screw pile.

4 Testing Procedure

The axial pullout load tests on screw piles are typically conducted in accordance with
ASTMD1143-07 [9],where a pullout test is performedon a single pile embedded into
the prepared soft soil, then the loading and measurement system tools are tightened
to the pile cap, and after ensuring that the soil is saturated, it was found that a time
interval of 24–48 h was required to balance 95% of Pore pressure. The pullout load
test is performed as described in the following steps:

(1) The pullout load test system is prepared by equipping a hydraulic piston,
supported from the bottom and fixed to the loading frame and connected from
the top with the load cell. The load cell is mechanically connected to the head
of the screw pile by special tools as shown in Fig. 3. The load cell is connected
to an Arduino programmer that works with the LabVIEW program to record
the increments of the applied load.

(2) The pullout load is applied and controlled by equipping a hydraulic piston and
load cell. This piston has the ability to move upward and apply pullout load on
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Fig. 3 The pullout test
system

the load cell, which is fixed on the pile cap and connected with an indicator to
the LabVIEW program to display the values of the pullout load.

(3) The pullout load is applied gradually and incrementally, the average upward
movement of the screw pile under each increment is measured by using the
LVDT, which is connected to the screw pile cap and LabVIEW program to
display the values of upward movement.

(4) The test will continue until reaching the failure of the pile, the adopted failure
criterion in this study defined the ultimate pullout capacity of the pile as the
load corresponding to a displacement equals 20% of the helix diameter, where
this criterion is considered moderate among other standards, as it was adopted
in most of the previous studies as Heerma (1979), Smith (1987), Fellenins
(2006), (Lutenegger, 2009) and Warna (2015).

5 Load Transmission Mechanism

The screw piles used for tension purposes and inserted in clayey soil are not different
from that are used in axial compression in terms of design, except to reduce the
sectional area to avoid disturbance that may occur during installation The total
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Screw pile Ordinary pile (uniform cross-sectional area)

Fig. 4 Pullout resistance components of piles

capacity of screw piles consists of three basic components as shown in Fig. 4 and
can be calculated according to the following equation [10–13]:

Qtu = Q1 + Q2 + Q3 + Wa + suction force (1)

where

Qtu = Ultimate pullout capacity of the pile;
Q1 = Cylindrical shear resistance = SF (π D LC) cu;
Q2 = Bearing resistance on the top helical plate = A (cu Ntu + γ H);
Q3 = Skin friction resistance = π d Heff α cu;
Wa = Self-weight of the pile;
SF = Spacing ratio factor.
SR(S/D)=Spacing ratio: the spacing between any two adjacent helical plates/their
average diameter;
S = Spacing between helices.

SF = 1.0 for SR ≤ 1.5

SF = 0.863 + 0.069(3.5−SR)for 1.5 < SR < 3.5

SF = 0.700 + 0.148(4.6−SR)for 3.5 < SR < 4.6

D = Diameter of helix;
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LC = The distance between top and bottom helical plates;
cu = Undrained shear strength (kPa);
A = Area of the helix = π

(
D2 − d2

)
/4;

Ntu = The break out factor;
γ = The unit weight of soil;
H = Depth of embedment of the top helical plate;
Heff = The effective length of the shaft;
d = Diameter of the pile shaft;
α = Adhesion factor.

The suction force is neglected due to the difficulty in estimating it and its temporary
effect, and the safety factor is taken unity because the spacing between the plates
is less than the diameter of the helices [11]. The ultimate pullout capacity of the
ordinary pile can be estimated according to the following equation:

Qtu = Wa + πDLαcu (2)

It is clear that, the main factor is the adhesion factor (α), which depends on the
type of the pile material and the soil. Based on previous studies conducted on this
topic and concluded that the parameters of the adhesion factor for the pipe piles were
determined approximately using the following relationships [12]:

α = 0.715 − 0.0191cu(for cu ≤ 27 kPa) (3)

α = 0.2(for cu > 27 kPa) (4)

6 Results and Discussion

In order to observe the change in the capacity of the screw piles and the gain obtained
as a result of adding the helical bearing plates, an ordinary pile with three screw piles
was used, moreover, a different shape ratio for all the piles used was adopted to study
the effect of the embedded length on its capacities. The results of the experimental
tests of the piles and the ordinary pile represented by the curves of the pullout load
with the upward movement are given in Fig. 5. It is clear that there is a significant
and remarkable development in the capacity of the piles compared to the capacity of
the ordinary pile despite the convergence of the average diameter of the shaft of the
piles with the ordinary pile. Increasing the pullout capacity of screw piles is resulted
from adding helical plates which increases the interaction between the pile and the
surrounding soil. Also, there was a proportional and steady increase in the pullout
capacity of screw piles with increasing the diameter of the helical plate. Despite
constant the embedded depth of the pile in the soft clayey soil as summarized in
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Fig. 5 Variation of upward movement with axial pullout load applied on tested piles

Table 3, it is noticed that the pullout capacity of the piles is inversely proportional to
the aspect ratio of the pile. In general, the failure surface of screw piles is cylindrical
(SR < 1.5) [11].

There are several approaches and criteria that can be used for conceptual design
thatmust be comparedwith the ultimate capacities of the screw pile obtained from the
experimental load-settlement tests. The load value corresponding to a displacement
of 20% from the diameter of the helixwas used as a criterion to determine the ultimate
pullout capacity of screw piles. The results of the ultimate pullout capacity of screw
piles calculated from experimental tests are compared with the corresponding values
calculated from theoretical equations are given in Table 4. It is noticed that there is
a discrepancy between the experimental results and the estimated results calculated
fromEqs. 1 and 2, and this discrepancy increases as the (L/D) ratio decreases. Figure 6
shows the variation of upward displacement of the piles during the tests period, it
is noticed that the behavior of screw piles is similar, where all screw piles reach a
displacement of 20%at approximately the same time (1050–1080 s) and this behavior
is somewhat different from the behavior of ordinary pile (D13) which reaches this

Table 3 Experimental and estimated results of the pullout capacity of tested piles

Pile L/D ratio Ultimate pullout capacity, Qtu(N) Deviation (%)

Experimental Theoretical

PD13 30.8 150 139.33 7.11

PD20 20.0 640 542.01 15.31

PD30 13.3 1150 798.39 30.58

PD40 10.0 1780 1058.86 40.51
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Table 4 The increases in capacity of screw pile versus ordinary pile capacity

Pile L/D ratio Ultimate pullout capacity, Qtu(N) Increases (%)

PD20 20.0 640 426.6

PD30 13.3 1150 766.67

PD40 10.0 1780 1186.67
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Fig. 6 Variation of upward movement with the time of tested piles

amount of displacement in less time (900 s). The growth of upward displacement
was very slow during the first 500 s, but starts to increase rapidly thereafter with
respect to pile D13. The same behaver was noted for screw piles but after 900 s,
which means screw piles take a longer time to fail.

The pile is classified according to the aspect ratio of the pile (L/D) into two major
categories: rigid piles (aspect ratio less than 20) and flexible piles (aspect ratio more
than 20) [13, 14]. By comparing the results obtained from the experimental work
with the estimated using Eqs. 1 and 2, observe that the results for the flexible (long)
piles are compatible to some extent, but they become disparate to a large extent when
the piles are rigid (short) screw piles where the estimated capacity becomes much
less compared to the experimental value. Therefore, Eqs. 1 and 2 can be used with
confidential results to estimate the ultimate pullout capacity of flexible screw piles.
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7 Conclusions

This study was devoted to investigate the behavior of flexible and rigid screw piles
in soft clay under axial pullout loading. Based on the results of experimental tests,
the following conclusions can be drawn out:

• The results of the research showed that screw piles are very useful in resisting
axial pullout loads in soft cohesive soils.

• The failure pattern associated with these screw piles of cylindrical shape due to
the close distance between the helices which is less than the helices diameter.

• The results of tests showed increasing the ultimate pullout capacity of the screw
pile as a result of adding the helical plates in comparison with the ordinary pile,
where the ultimate pullout capacity of screw piles increases with decreasing the
aspect ratio of the pile (L/D).

• There was a convergent between the estimated ultimate pullout capacity and the
experimental ultimate pullout capacity of flexible screw piles and there was a
large disparity when the screw piles are rigid.
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Effect of Embankment on the Behavior
of Rigid Passive Pile Group in Sandy Soil

Mahdi O. Karkush, Majeed R. Sabaa, Ghofran S. Jaffar,
and Omar K. Al-Kubaisi

Abstract Piles can be damaged due to the lateral soil movement induced by
constructing a nearby embankment. These movements introduce lateral loads “pas-
sive loads” on the piles which in turn increase the lateral forces and bendingmoments
within the piles. In some cases, these induced forces and moments may exceed the
pile capacity and cause failure. This research investigates experimentally the effects
of soil movement on the behavior of nearby axially loaded and unloaded rigid pile
groups driven in sandy soil having a dry unit weight of 13.5 kN/m3. The model piles
are made of aluminum and have an embedded length (Le) of 360 mm, free head of
140mm, and diameter (D) of 10 mm. The embankment loads are applied at distances
of 2.5 D, 5 D, and 10 D from the edge of the pile group. The obtained results showed
that the presence of axial loads decreases the displacement at the soil surface. It
was found that the axially unloaded pile group (UG) had displaced more than the
axially loaded pile group (LG) by 16, 25, and 35% at 2.5D, 5D, and 10D respectively.
Moreover, increasing the distance between the embankment and the edge of the pile
group had significantly decreased the maximum soil reaction due to the reduction of
soil movement pressure.
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Model test
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1 Introduction

The construction of an embankment can impose excessive vertical loads on the soil
underneath. These loads force the soil to move away from the loading source. This
soil movement will apply lateral pressure on the front side of the pile which, in some
cases, can exceed the pile capacity and cause failure. These lateral loads try to push the
pile horizontally in the direction of loading which induces bendingmoment, rotation,
and movement of the pile [1, 2]. Based on the direction of load transfer between the
pile and the surrounding soil, the laterally loaded pile can be classified into active
piles or passive piles [3–5]. An active pile is mainly loaded at its top, with the lateral
load being transferred to the soil such as the piles underneath the foundation of
transmission towers and offshore structures.While a passive pile usually experiences
lateral thrusts along its shaft arising from the horizontalmovement of the surrounding
soil such as piles used for slope stabilization and embankments [6]. Correct prediction
of the displacements, moments, and shear forces caused by the moving soil can be
considered as a key element in the design, construction, and serviceability of the type
of piles [7]. Different factors have been found to affect the behavior of passive piles
such as the material and geometric properties of piles, the profile of the moving soil,
the axial loads, and the distance at which the pile is located from the boundaries of
the moving soil.

The influence of a three-dimensional soil deformation on the response of a laterally
loaded pile group in the sand has been investigated by conducting a series of model
tests. The three-dimensional soil surface deformations around the piles had been
obtained using a newly developed technique named Stereo-PIV [8]. Both Zhao et al.
[9] and Zhang et al. [10] have presented a simplified analytical method to simulate the
effects of soil movement due to soil excavation on the behavior of pile groups. They
found that the lateral response of the passive pile groups obtained from the proposed
methodwell agreedwith those obtained from the centrifugemodel tests. Furthermore,
Ersoy and Yildirim [11] have investigated the behavior of piles subjected to lateral
soil movement imposed by slopes by conducting large-scale shear box experiments
and the results have been compared with those found in the literature to enhance the
understanding of the passive pile behavior.

In addition to that, Ibrahim and Hatem [12] have investigated the behavior of
piles subjected to lateral soil movement in the sand. Different parameters have been
utilized such as pile spacing, number of piles within a group, and pile head condition.
The results showed that the maximum bending moment of pile groups has decreased
as the pile spacing decreased and the pile has behaved as a single pile when the pile
spacing has exceeded 7 times the diameter of the pile. Moreover, the influence of
construction nearby embankment on the performance of existing single rigid and
flexible piles inserted in sandy soil has been investigated [13–15]. The embankment
load has been located at three different distances of 2.5, 5, and 10 D from the edge of
existing piles where D is the diameter of the pile. The results showed that the rigid
pile with a shorter embedded length, Le = 360 mm, has provided more resistance
to soil movement pressure. While Ren et al. [16] have conducted large geotechnical
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centrifuge model tests of two design schemes to simulate sheet-pile wharves with
the load-relief platform in a homogeneous fine sand to evaluate the distribution of
lateral pile-soil pressure and to distinguish between the pile’s passive part and active
part. On the other hand, Karkush and Kareem [17, 18] have studied the behavior of
passive piles in fine-grained textured soil contaminated with two ratios of petroleum
products (MFO) under the effects of lateral soil movement. The results showed that
as the percentage of soil contamination increased the impact of the embankment on
the response of the passive piles has increased. In the present study, the response of
the existing rigid pile group of (2 × 1) to the lateral soil movement induced by the
construction of a nearby embankment has been investigated experimentally.

2 Material Properties

River sand can be classified as (SP-SM) according to the Unified Soil Classification
System (USCS) has been used in this study. The mechanical properties of the soil
have been evaluated based onASTMandBS specifications [19, 20]. The physical and
mechanical properties of the soil have been listed in Table 1. A closed-end aluminum
pipe of 500 mm long has been used in this study to model the pile. The mechanical
properties of the aluminummodel pile have been presented in Table 1. A slenderness
ratio (L/D) of 50 and an embedded depth of 360 mm have been used in this study to
ensure that the model pile behaves as a rigid pile according to the flexibility factor
(KR) shown in (Eq. 1) in which Ep is the elasticity modulus of the pile; Ip is the
moment of inertia of the pile; Es is the secant modulus of the soil elasticity and Le is
the embedded length of the pile [21].

KR = Ep Ip
Es L4

e

< 10−5 (1)

Table 1 Properties of the soil and the model pile

Property of soil Value Property of soil Value Property of Pile Value

Gs 2.67 γd min (kN/m3) 11.87 Outer diameter of
pile (D)

10 mm

Cu 2.934 γd max (kN/m3) 15.14 Wall thickness of pile 1 mm

Cc 1.188 γd (kN/m3) at Dr =
56%

13.5 Length of pile (L) 500 mm

Fines (%) 9.8 ϕ (°) at Dr = 56% 35º Weight of pile 42 gm

Sand (%) 90.2 c (kPa) 9 Density of pile
material

2.97 gm/cm3

Dr (%) 56 Confined Modulus of
Elasticity Eoed (kPa)

65,770 Modulus of elasticity
(Ep)

69.871 GPa



332 M. O. Karkush et al.

140 mm

60 mm

120 mm

120 mm

60 mm

Soil Surface

Pile Head

Pile Tip

Strain Gauge

Strain Gauge

Strain Gauge

Strain Gauge

Direction of Soil Movement

          (a)                                           (b)

Fig. 1 Model pile details a strain gauges distribution, b strain gauges configuration (half-bridge)

The model piles were instrumented with eight strain gauges, four of which have
been located on the near side and the rest have been located on the far side of the
model pile with respect to the embankment location, to measure the strain along the
pile. The first pair of strain gauges have been located at the soil surface. A 60 mm
spacing has been used between the first and the second pairs of strain gauges while
120 mm spacing has been used to distribute the rest as shown in Fig. 1a. The strain
gauges have been numbered from SG1 to SG4 and each pair has been connected in
a half Wheatstone bridge configuration as shown in Fig. 1b. The output voltage of
the half-bridge configuration without including the temperature compensation can
be expressed by (Eq. 2).

eo = E

2
Ksεo (2)

where eo is the output voltage; E is the bridge voltage; Ks is the gauge factor which
is 2.12 ± 1% in this study; and εo is the strain.

3 Experimental Settings and Testing Procedure

The experiments have been conducted in a steel container with dimensions of
(800 mm × 800 mm × 800 mm). The raining technique has been used to pour the
soil into the container from a specific height to achieve the required dry unit weight
of 13.5 kN/m3. To find the required height to achieve the required soil density, four
pouring heights of 100, 200, 300, and 400 mm have been used to capture the effect of
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the pouring height on the soil density as shown in Fig. 2. Based on Fig. 3, a dropping
height of 240 mm has been used in this study to achieve a soil density of 13.5 kN/m3.
The dropping height has been maintained by lifting the dropping cone a distance
equals to the thickness of the poured soil layer. After filling the container with soil
to the required height, the soil surface has been leveled and excessive soil has been
removed.

A hydraulic jack with a maximum loading capacity of 10 tons has been mounted
on the loading frame as shown in Fig. 3. This jack has been used for installing the
pile groups into the soil to the required embedded depth as well as applying the
embankment loads which have been monitored using a load cell mounted on the
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Fig. 2 Effect of soil pouring height on its dry unit weight

Fig. 3 Schematic view of the experimental settings
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cylindrical steel shaft. Two pile groups of (2 × 1) have been installed. The first pile
group, denoted by (LG) for axially loaded pile group, has been driven into the soil at
a distance greater than 10 times the pile diameter from the walls of the steel container
to eliminate the effect of the tip resistance [22].While the second pile group, denoted
by (UG) for axially unloaded pile group, has been driven into the soil at distance
greater than 15 times the pile diameter from the first group to eliminate any rigid
boundary effects [23]. Two dial gauges have been installed horizontally for each
pile group at two different locations above the soil surface to measure the horizontal
displacement of the pile group.

To start the experiments, the pile group (LG) has been loaded gradually up to
its working axial load capacity which had been evaluated by dividing the ultimate
axial load capacity by a safety factor of 2. The incremental loads have been applied
by placing weights over the cap of the pile group. As a result, there has been no
restriction on the head of piles and the piles have been treated as free headed piles.
Then, a embankment load ranged from 10 up to 60 kPa with an increment of 10 kPa
has been applied at distances of 2.5, 5, and 10 D from the pile group to simulate the
effect of nearby embankments. Each embankment increment has been applied for
2 min based on the literature [24, 25]. Both the dial gauge readings and the strain
gauge readings have been recorded with time for each embankment load increment.

4 Data Analysis

The strain along the piles (ε) has beenmeasured using the strain gauges.UsingHook’s
law, the flexural stress (σ) has been calculated at the strain gauge locations. Finally,
the discrete bending moment (M) has been calculated using the flexural stress (see
Eq. 3).

M = σIp
D/2

= 2EpIp
D

ε (3)

where D is the outer diameter of the pile. To obtain a continuous response of the
pile, two approaches have been reported by the literature. The first approach had
been developed based on the use of a best-fit polynomial curve ranging from the
4th to the 7th order to obtain a continuous bending moment profile along the pile
[26–28]. However, the drawback of this approach showed the inconsistency of the
approach where multiple curves with different shapes could be used to reasonably
fit the same data and, in some cases, a sudden jump in the soil reaction magnitude in
the vicinity of the pile tip has been noted as reported in the literature [26–28]. The
second approach had been developed based on the beam theory in which the pile
responses such as the pile displacement, the pile rotation and the pile shear force
profiles as well as the soil reaction profile could be derived by either differentiating
or integrating the bending moment as expressed in Eqs. 4–7 [24, 28].
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Fig. 4 Displacement at soil surface of rigid piles group

y(z) =
∫ (∫

M(z)

EpIp
dz

)
dz (4)

S(z) =
∫

M(z)

EpIp
dz (5)

T(z) = dM(z)

dz
(6)

P(z) = d2M(z)

dz2
(7)

where z is the depth measured from the soil surface downward; M(z) is the bending
moment along the pile; y(z) is the pile lateral displacement; S(z) is the rotation of the
axis of the pile; T(z) is the shear force along the pile and P(z) is the soil reaction along
pile per unit length. In this study, a numerical integration using the trapezoidal rule
has been adopted to integrate the bending moment profile. Then, the finite difference
method has been used to calculate both the pile rotation and the pile deflection profiles
(See Eqs. 8 and 9).

Si =
n∑

i=0

Mi +Mi+1

2
�z− So (8)

yi =
n∑

i=0

Si + Si+1

2
− �z− n�z So + yo (9)

where So and yo are the integration constants of the pile rotation and the pile displace-
ment respectively at the soil surface which has been measured directly using the dial
gauges mounted at the pile head and �z is the distance between the strain gauges.
Consequently, both the shear force (Ti) and the soil reaction profiles could be obtained
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by using Eqs. 10 and 11 respectively [25]. However, to calculate the soil reaction at
any point along the pile (Pi), five bending moments should be obtained. As a result,
to calculate the soil reaction (P4), two imaginary bending moments, denoted as M5

and M6, have been determined to be equal to M4 and M3 respectively depending on
the pile tip boundary conditions and the method described by Scott [29].

Ti = 1

2

Mi−1 −Mi+1

�z
(10)

Pi = 1

7

2Mi−2 −Mi−1 − 2Mi −Mi+1 + 2Mi+2

�z2
(11)

5 Results and Discussion

The obtained results showed that the displacements at the soil surface for UG have
been greater than those for LG for all cases due to the stiffening effect of the applied
axial load on the latter as shown in Fig. 4. This behavior has been also observed and
reported by the literature [30–32]. The increase percentages are 16, 35, and 34% for
an embankment load at distances 2.5D, 5D, and 10D from the pile edge respectively.
While the pile rotation at the soil surface has decreased by (61–41) and (23–70) %
for LG and UG respectively as the distance from the embankment to the pile edge
increased from 2.5 to 10 D due to the rigid behavior of the pile groups as shown in
Fig. 5.

For the bending moment along the pile, the results showed that as the distance
between the pile group and the embankment increased, the effect of the axial loads
on the pile group decreased as shown in Fig. 6. For an embankment distance of 5 D,
the maximum bending moment has been found to be the same for both LG and UG.
While for 10 D distance of embankment, the maximum bending moment for LG has
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Fig. 6 Bending moment profiles of rigid piles group

been found to be greater than the one for UG by 33%. However, for the case where
a 2.5 D embankment distance has been used, the maximum bending moment for LG
has found to be less than the one for UG by 67% due to the stiffening effect induced
by the applied axial loads on LG.

Based on the pile displacement profiles, the results showed that the maximum
pile displacement decreased as the distance between the embankment and the pile
edge increased as shown in Fig. 7. Moreover, the application of the axial load on LG
has reduced its maximum displacement when compared to UG. The results showed
that UG pile head has deflected greater than that for LG by 205, 51, and 26% as the
distance between the embankment and the pile edge increased from 2.5 up to 10 D
respectively.

The results of pile rotation profiles showed that the maximum pile rotation
decreased as the distance between the embankment and the pile edge increased
as shown in Fig. 8. These reductions are (129 and 4) % for LG and (51 and 129) %
for UG as the embankment distance increased from 2.5 D to 10 D respectively. In
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Fig. 8 Rotation profiles of rigid piles group

addition, the application of axial load on LG has reduced its maximum rotation when
compared to UG. The results showed that themaximum pile rotation for UG has been
greater than that for LG by 7, 281, and 51% as the distance between the embankment
and the pile edge increased from 2.5 D up to 10 D respectively. For the shear forces
along the pile, the results showed that the maximum shear forces for LG decreased
as the distance between the pile group and the embankment increased, while the
maximum shear force for UG has increased by 20% then decreased by 150% as the
embankment distance increased from 2.5 D to 10 D respectively as shown in Fig. 9.
For LG, these reductions have been found to be (225 and 25) % as the embankment
distance increased from 2.5 D up to 10 D respectively. Furthermore, the maximum
shear force for UG has found to be greater than that for LG by (25 and 220) % as
the embankment distance increased from 2.5–5 D due to the stiffening effect of the
applied axial loads in LG. However, the maximum shear force for LG has found to
be larger than that for UG by 25% when the embankment distance was 10 D.

Finally, the results of soil reaction profiles showed that the maximum soil reaction
has increased at the beginning by (200 and 20) % for both LG and UG respectively
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Fig. 10 Soil reaction profiles of rigid piles group

as the distance between the embankment and the pile edge increased from 2.5 to 5
D. Then, the maximum shear force has decreased by (40 and 80) % for both LG and
UG respectively as the embankment distance increased from 5 to 10 D as shown in
Fig. 10. It was found that the negative sign for the soil reaction has indicated the soil
movement.While the positive sign has indicated the soil resistance to anymovement.

6 Conclusions

Based on the obtained results, the following conclusions can be made:

• The displacements at the soil surface for UG have been greater than those for LG
for all cases due to the stiffening effect of the applied axial load on the latter.

• The results showed that as the distancebetween the pile group and the embankment
increased, the effect of the axial loads on the pile group decreased on the bending
moment along the pile.

• The maximum pile displacement and maximum pile rotation are decreased as the
distance between the embankment and the pile edge increased.

• The maximum shear force has increased for both pile groups as the distance
between the pile edge and the embankment increased from 2.5 to 5D. However, as
the embankment distance has continued to be increased up to 10 D, the maximum
shear force has decreased for both pile groups.

• The maximum soil reaction has increased for both pile groups as the distance
between the pile edge and the embankment increased from 2.5 to 5D. However, as
the embankment distance has continued to be increased up to 10 D, the maximum
soil reaction has decreased for both pile groups due to the reduction in the soil
pressure imposed by the embankment.

• The shear forces along the pile have been found to be directly related to the soil
reaction along the pile.
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Effect of River Water Level
on the Shallow Foundation Behavior
with Two Slopes of Riverbank

Noor Salim Atia, Qassun S. Mohammed Shafiqu,
and Asma Thamir Ibraheem

Abstract The erosion of banks is a usual geomorphic method or disturbance that
takes place through or rapidly beyond the floods. The riverbanks are transitional
boundaries from aquatic to terrestrial ecosystems, and its ecology shifts naturally
under dynamic hydrologic conditions. In the present work, the interpretation of
the results anticipated from experiments conducted in the laboratory on a river-
bank model of comparatively fine (silty sand) to investigate the possible factors
contributing to instability and compare the settlement and bearing capacity at varying
water levels in rivers under the shallow footing near the riverbank (15× 15 cm). The
dimensions of the container are (2× 1× 0.9) m. The effect of strengthening the soil
with geogrids is also being studied.More than 60 tests were conducted on a steel tank
having a glass front side, and the banks were designed to have angles of 60° and 70°
and heights of 30 cm, 50 cm, and 70 cm, also the soil type is SP-SM (ASTM 2009)
(D2487-98). The shallow base on the bank was subjected to incremental loading
during the experiments, and the settlement was measured. The bank’s instability
was known to be aligned with an interaction of primary (geometric) variables. It
was noted that, in regard to failure mechanisms as well as stability, a geogrid could
interpret a different noteworthy reaction. The increase in the river water level (in the
flood season) is envisioned for increasing the settlement. And, the bearing capacity
increase (strengthened via geogrid on the riverbank) decreases the settlement. The
bearing capacity in riverbank with a slope of 60° increased by 1.8 and 1.9 times
that with no geogrids for Tensar (SS2) and Netlon (CE121), respectively. Also, the
bearing capacity in riverbank with a slope of 70° increased by 2 and 2.2 times that
with no geogrids for Tensar (SS2) and (Netlon CE121), correspondingly.
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1 Introduction

The erosion of bank is a key procedure in the fluvial dynamics, influencing an exten-
sive range of the physical, environmental, and socio-economic topics in the fluvial
environment [1]. The fine-grained (clay, silt, and sand) and the cohesive banks are the
most significant research subject on bank failure modeling. In addition, these banks
also withdraw along tidal channels and sandy rivers, and they have been correlated
with the mass of waste and the unsteadiness procedures [2]. In the research field
in geotechnical engineering, the foundations bearing strength are very significant.
The design of foundation upon a level surface ground being founded upon the soil
mechanical properties, like shear strength, weight of unit, and so on. It was also
focused upon the foundation physical properties, such as form, depth, and width. In
determining the permissible-bearing pressures for various shallow foundations, just
two points should be considered; the settlements shouldn’t exceed the tolerable limits
under the permissible-bearing pressures, and the factor of safety is contrary to the
maximum shear failure should be sufficient. Some procedures can extremely predict
the foundationswith capability placed on or on level grounds [3–7]. These procedures
are depended on results from in-situ or laboratory tests. For example, buildings built
along rivers, foundations set up upon towers for electrical conveyance, and bridge
piers were reinforced upon embankments. The bearing capacity (BC) and the steadi-
ness of a foundation constructed near the edge of sloping are important parameters
that affect the performance of a structure built close to the slope.

When a foundation was constructed close to a sloping land and river, one of the
foundation sides may be expected to be subjected to the slanting surface and the
base effect by the river’s water level. Therefore, the plastic failure area is too precise,
as the soil of the foundation reaches the limit condition, and it has a significant
effect on the base BC and the mechanical steadiness of slope [8]. Therefore, on flat
land, the foundation bearing potential is higher than sitting upon the riverbank and
close to a sloped fill. The shallow foundation’s conventional styles are inadequate in
numerous instances, although they are highly simpler for building and economics.
Based upon that, several researchers have paid extra attention in recent years to study
the conduct of settlement as well as the BC of foundations close to slopes and rivers.
The key approaches employed for assessing the footings BC upon flat grounds being
considered to be well known. It is still essential to examine the footings BC on or
close the slopes riverbanks. The theoretical procedures utilized for predicting the
BC of footing upon a slope being typically evolved depending upon the footing BC
equation proposed via Terzaghi [4, 6, 7, 9, 10] and being adequate for a particular
limit of footing site. Meyerhof [4] proposed a theoretical approach for assessing the
maximum BC of the shallow base situated on the face of a slope.

The present study’s main objective is to investigate the maximum BC of square
footings placed upon the top of a riverbank with lab testing. In this investigation, the
relationship between the footing and the parameters includes the distance between the
crest slope and the riverbank’s footing, the riverbank slope, and the riverbank height.
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Two forms of Netlon (CE121) and (Tensar SS2) geogrids are used to study the river
water levels influence upon the BC of footing and improve the crucial conditions.

2 Material and Instruments Used

Model Container. The investigational steel soil box was built having (2 × 1 m)
dimensions and a (0.9 m) height. The lateral wall is made of glass for the direct
remark of the failure mechanism specifics. This box is displayed in Fig. 1. For
supplying the water to the soil box, a pipe was used, and a drainpipe with a filter was
located at the bottom to avoid the fine particles flow. Plates of cork are designed with
a shrill edge for withstanding the waves resulting from the bank’s failure. A steel
frame was utilized for carrying the static load upon the foundation. Inside the tank
of soil, a model of the river bank was built. For derivative geometry, the bank model
was constructed. The geogrid reinforcement cross-section employed in testing the
model is depicted in Fig. 2.

The soil used.The particle size distribution curve of the soil backfill is manifested
in Fig. 3. Depending upon the unified soil classification (USCS) method, the soil is
graded as SP-SM. Tests for soil physical and chemical properties were carried out
according to the standard ASTM and BS requirements, respectively. The chemical
and physical characteristics of the used soil are listed in Table 1.

Test Preparation. The model of silty sand having angles of slope (β) of (60°)
and (70°) was established utilizing (100 mm) thick layers that being actively
compressed. To simplify the process of placing the bed of soil into layers, the test box
internal surfaces were marked at (100 mm) intervals. Through the bank building and
compressing, a panel made of wood being located for assigning a certain angle of
bank slope. This panel was then taken out straightway before the beginning of every
test. By the compression of thin sub-layers having a (10 cm) thickness made via the
uniform compressed soil, following the pouring steps, the first half of the container
was filled with soil, while the other half of the container was filled with water. The

Fig. 1 The box of soil: container and frame of loading
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Fig. 2 The geometry and the top lane of geogrid strengthening and the square model of footing
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Fig. 3 The distribution of particle size

method involves placing each layer into the steel box before the target height of the
slope has been reached. A bank height of 30, 50, and 70 cm was chosen, while the
angles of the slope are 60° and 70°.

TheGeogridReinforcement.Two geogrid forms (Netlon CE121 and Tensar SS2
geogrids) were used. The physical properties of the utilized geogrid in the present
investigation are described in Fakhraldin’s Table 2 [11]. The geogrid forms are shown
in Fig. 4. Within the silty sand soil layer with 45 cm to 45 cm measurements, the
geogrid layers used were 5.

Procedure of Testing. The experimental work involves conducting a series of 60
square-footing model bearing load tests situated at different positions comparative
to the slope of the riverbank, two riverbank slope angles, and various heights of the
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Table 1 The chemical and
physical properties of the soil

Parameters Units Values Standard

Friction angle of
(ϕ)

º 34.50 ASTM-D4767

Max. dry unit
weight

kN/m3 15.0 ASTM-D4253

Min. dry unit
weight

kN/m3 13.9 ASTM-D4254

Max. void ratio
(emax.)

– 0.900 –

Min. void ratio
(emin.)

– 0.760 –

Max. saturated unit
weight

kN/m3 18.33 –

Min. saturated unit
weight

kN/m3 17.34 –

Mean size, (D60) mm 0.20 ASTM-D422

Mean size, (D30) mm 0.170 ASTM-D422

Effective size,
(D10)

mm 0.120 ASTM-D422

Coefficient of
uniformity, (Cu)

– 1.667 –

Coefficient of
curvature, (Cc)

– 1.204 –

Specific gravity
(Gs)

– 2.66 ASTM-D854

SO3 % 0.052 -

Gypsum % 0.112 BS-1377

Classification
(USCS)

– SP-SM –

Table 2 The physical
characteristics of the used
Geogrids; Netlon (CE121)
and Tensar (SS2) [11]

Description Properties

netlon (CE121) (Tensar SS2)

Type of mesh Diamond Square

Polymer type PP PP

Type of color Black Black

Modules of elasticity 0.39 GPa 0.57/0.99 GPa

Tensile strength 9 MPa 24/30.7 MPa

Tensile peak resistance 6.4 kN/m 14.4/28.2 kN/m

Yield strength (upper) 5 MPa 1/3 MPa

Yield strength (lower) 5 MPa 1/3 MPa
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Fig. 4 Kinds of the utilized
geogrids; a Netlon (CE121)
and b Tensar (SS2)

riverbank. Five variables are considered, the height of the riverbank, footing distance
from the slope of a crest (dimensions report (b/B)), where b is the distance from
footing to the river edge, river water level, two riverbank slopes, and strengthening
(geogrid) type. The test model’s preparationmethod comprised compressing the silty
soil sand into layers; each one ranged from a thickness of (100 mm) to a height of
(300, 500, and 700 mm). Via utilizing a rammer having (150 mm) length, (150 mm)
width, and (5 mm) thickness, at a comparative density, equals to (75%), the sand
compaction was carried out manually. Table (3) shows the specifics of the research
process. Also, by utilizing a sharpened straight plate made of steel, the shaped sand
top surface was leveled, and the model of footing was then adapted upon the already
compacted surface of the sand. With dial gauges on the foundation, the footing
model was fixed on top of the soil’s surface. A low rate of zero value increased the
added load. Finally, at the end of each increment, foundation settlement values were
registered utilizing dial gauges until failure occurred.

3 Results and Discussion

A series of 60 tests were executed upon a square footing model upon the slope of
dense silty sand to examine the river water level influence, footing position to the
slope of the crest, and riverbank height. ThemaximumBCwas computed by dividing
the load upon the area of the footing. For riverbanks with slopes of 60 and 70, the
heights are [2B], [3B], and [5B], respectively, and the water levels of the river are [0]
and [1/2 H], where [H] determines the height of the riverbank. The changes using
two geogrids forms are elucidated in Figs. 5, 6, 7, showing the changes of bearing
pressure (BP) with the settlement. Table 3 shows the experimental testing program
design.

.
In Fig. 8a, for the riverbanks with slope 60°, the BP with the existing geogrids

raised by (1.9) and (1.8) times the value for without Netlon (CE121) and Tensar
(SS2) geogrids, correspondingly, when the (H/B) riverbank height = 2. Relative to
that, without geogrids for the riverbank height (H/B= 3), the rise was (1.5) and (1.4)
times. Whereas the BP raised via (1.3) and (1.2) times the value for without Netlon
(CE121) and Tensar (SS2) geogrids for the riverbank height (H/B= 5), respectively.
In Fig. 8b, for the riverbanks with slope 70°, the BP with the existing geogrid raised
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Fig. 5 BP changes with the settlement for a (2B) riverbank height: a slope 60° and b slope 70°
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Fig. 6 BP changes with the settlement for a (3B) riverbank height: a slope 60° and b slope 70°
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Table 3 The designed experimental testing program

Footing, mm Angle Riverbank
height (H), mm

Dimensions
report (b/B)

Water
level of river

Reinforcement
geogrid

150 × 150 60° 300 0 0 –

1/2 H Netlon, Tensar

1 0, 1/2 H –

2 0, 1/2 H –

500 0 0 –

1/2 H Netlon, Tensar

1 0, 1/2 H –

2 0, 1/2 H –

700 0 0 –

1/2 H Netlon, Tensar

1 0, 1/2 H –

2 0, 1/2 H –

70° 300 0 0 –

1/2 H Netlon, Tensar

1 0, 1/2 H –

2 0, 1/2 H –

500 0 0 –

1/2 H Netlon, Tensar

1 0, 1/2 H –

2 0, 1/2 H –

700 0 0 –

1/2 H Netlon, Tensar

1 0, 1/2 H –

2 0, 1/2 H –
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Fig. 8 Comparing the riverbank bearing pressure height with two types of geogrid and without
geogrid: a slope 60° and b slope 70°
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via (2.2) and (2) times the value for without Netlon (CE121) and Tensar (SS2)
geogrids, respectively, when the riverbank height (H/B)= 2. Compared to that value
for without Netlon (CE121) and Tensar (SS2) geogrids for the height of riverbank
(H/B = 3), the rise is (1.7) and (1.6 times). While, the BP increased by (1.5) and
(1.4) times the value for without Netlon (CE121) and Tensar (SS2) geogrids for the
height of the riverbank (H/B = 5), respectively.

Figures 9 and 10 show the influence of the soil BP on the distance between crest
and footing (b/B). Figure 9 illustrates that increasing the distance to (b/B= 1) raises
the BP via approximately 1.85, 1.8, and 1.7 times for (H/B = 2, 3, and 5) for the
riverbanks with a slope of 60°. Raising the gap to the twice width of footing results
in a higher BP of approximately 2.8, 2.7, and 2.3 times that for (H/B = 2, 3, and 5)
for the slope of the riverbank of 60°. Figure 9b exhibits that widening the distances
to (b/B = 1) raises the BP via approximately 2.1, 1.9, and 1.81 times that for (H/B
= 2, 3, and 5), correspondingly for the riverbanks with a slope of 70°. Raising the
distance to the twice width of footing results in a higher BP via around 3.5, 3.1, and
2.9 times for (H/B= 2, 3, and 5), correspondingly for riverbank with a slope of 70°.
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Fig. 9 Bearing Pressure-Distance changes from the crest (b/B) at a river water level= 0 for various
riverbank heights: a slope 60° and b slope 70°
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Figure 10 manifests the results for the water level (h = 1/2 H), and Fig. 10a
demonstrates that the BP is 1.5, 1.4, and 1.3 times that for (H/B= 2, 3, and 5), corre-
spondingly when increasing the distances for the riverbank with slope 60°. Raising
the gap to the twice width of footing results in a higher BP of approximately 2.3, 2.1,
and 2 times that for (H/B= 2, 3, and 5) for the 60° slope riverbank, correspondingly.
Figure 10b indicates that the BP is 1.9, 1.65, and 1.5 times that when increasing the
distances for (H/B = 2, 3, and 5), correspondingly for the riverbanks with a slope
of 70°. Raising the distance to the twice width of footing results in a higher BP of
approximately 3, 2.83, and 2.76 times that for (H/B= 2, 3, and 5) for the riverbanks
with a slope of 70°.

From Figs. 9 and 10, it can be observed that the BP decreased by 71, 62.4, and
58.4% for (H/ = 2, 3, and 5), correspondingly when the water level increased to
(1/2 h), and the distance of footing to crest rose to (b/B = 1). However, the BP
reduced by 70.2, 58.2, and 55.4% for (H/B = 2, 3, and 5), correspondingly for the
riverbanks with a slope of 60°, by raising the gap to the twice width of footing. For
(H/B-2, 3, and 5), correspondingly, the BP reduced via 62.7 58.2, and 57.4%. By
raising the gap to twice the footing width, however, the BP decreased by 65, 56.4,
and 53% for (H/B = 2, 3, and 5) correspondingly, for the riverbanks with a slope of
70°.

4 Conclusions

The conclusions that can be taken from the results of this study are:

• For the riverbank height H/B = 2 and the riverbank slope = 60°, the BP with the
existence of geogrid raised by 1.8 and 1.9 times that for without Netlon (CE121)
and Tensar (SS2) geogrids, correspondingly. For slop = 70° riverbanks, the BP
with the existence of geogrid raised by 2 and 2.2 times that for without Netlon
(CE121) and Tensar (SS2) geogrids, correspondingly.

• With no level of water and riverbank slope= 60°, widening the footing gap from
the crest to the footing width raises the BP in comparison with that for footing at
the crest by 1.85, 1.8, and 1.7 times that for (H/B= 2, 3, and 5), correspondingly.
For (H/B = 2, 3, and 5), correspondingly raising the distance to the twice width
of footing results in a higher BP of around 2.8, 2.7, and 2.3.

• With no level of water and riverbank slope = 70°, widening the footing gap
from the crest to the footing width raises the BP in comparison with that for
the footing at crest by 2.1, 1.9, and 1.81 times that for (H/B = 2, 3, and 5),
correspondingly. Raising the distance to the twice width of base results in a higher
BP of approximately 3.5, 3.1, and 2.9, correspondingly for (H/B = 2, 3, and 5).

• As the water level rose to (1/2 H), the slope of the riverbank= 60°, and the footing
distance to crest rose to (b/B = 1), the BP reduced via 71, 62.4 and 58.4% for
(H/B = 2, 3, and 5), correspondingly, compared to that when there is no water
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level. However, the BP decreased by 70.2, 58.2, and 55.4% for (H/B = 2, 3, and
5), correspondingly, by raising the gap to the base’s twice the width.

• As the water level rose to (1/2 H), the slope of the riverbank= 70°, and the footing
distance to crest rose to (b/B = 1), the BP reduced via 62.7, 58.2 and 57.4% for
(H/B = 2, 3, and 5), correspondingly, compared to that when there is no water
level. However, the BP decreased by 65, 56.4, and 53% for (H/B = 2, 3, and 5),
correspondingly, via raising the gap to the base’s twice the width.
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7. Vesić, A. S. (1973). Analysis of ultimate loads of shallow foundations. Journal of the Soil

Mechanics and Foundations Division, 99(1), 45–73.
8. Keskin, M. S., & Laman, M. (2013). Model studies of bearing capacity of strip footing on sand

slope. KSCE Journal of Civil Engineering, 17(4), 699–711.
9. Saran, S., Sud, V. K., & Handa, S. C. (1989). Bearing capacity of footings adjacent to slopes.

Journal of geotechnical engineering, 115(4), 553–573.
10. Terzaghi, K. (1943). In Theoretical soil mechanics. Wiley & Sons. (pp.11–15).
11. Fakhraldin, M. K. (2013). Properties measurements and applications of some geogrids in sand.

Ph.D. Thesis, Alnahrain University, Iraq.



Numerical Modeling of Sheet Pile Quay
Wall Performance Subjected
to Earthquake

Mahdi O. Karkush, Shahad D. Ali, Naghm M. Saidik, and Alaa N. Al-Delfee

Abstract In this study, the sheet pile quay wall’s performance under seismic load
was investigated using numerical modeling (Plane-strain model). This research aims
to examine the stability of anchored sheet pile quay walls and evaluate the perfor-
mance and efficiency of using an additional part of sheet pile quaywalls under seismic
loads. Dimensions of the geometry model were used based on previous studies. Also,
the cohesionless soil (sandy soil) in the foundation and backfill layers was using. The
output results for the numericalmodelingwere displacement and acceleration curves.
Successfully, dynamic analysis is conducted using the PLAXIS-2D program. The
results demonstrated that a dynamic load significantly influences the sheet pile quay
wall, and using additional parts of the quay wall is very useful to decrease displace-
ments. The decrease in displacement is 49.5% and 46.5% for horizontal and vertical
displacement, respectively. The result showed the additional part led to decreased
the values of acceleration about 19% for a point located at the top of the sheet pile
and about 29.6% for a point located at the end of the sheet pile.

Keywords Sheet pile · Quay wall · Seismic load · Plaxis-2D · Displacement and
acceleration

M. O. Karkush · S. D. Ali (B)
Department of Civil Engineering, University of Baghdad, Baghdad, Iraq
e-mail: shahad.ali2001d@coeng.uobaghdad.edu.iq

M. O. Karkush
e-mail: mahdi_karkush@coeng.uobaghdad.edu.iq

N. M. Saidik
Department of Water Resources Engineering, University of Kufa, Najaf, Iraq
e-mail: naghem.saidik2001d@coeng.uobaghdad.edu.iq

A. N. Al-Delfee
Wasit Municipalities Directorate, Ministry of Construction, Housing, Wasit, Iraq
e-mail: ANaeem@uowasit.edu.iq

© The Author(s), under exclusive license to Springer Nature Singapore Pte Ltd. 2022
M. O. Karkush and D. Choudhury (eds.), Geotechnical Engineering and Sustainable
Construction, https://doi.org/10.1007/978-981-16-6277-5_28

355

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-16-6277-5_28&domain=pdf
mailto:shahad.ali2001d@coeng.uobaghdad.edu.iq
mailto:mahdi_karkush@coeng.uobaghdad.edu.iq
mailto:naghem.saidik2001d@coeng.uobaghdad.edu.iq
mailto:ANaeem@uowasit.edu.iq
https://doi.org/10.1007/978-981-16-6277-5_28


356 M. O. Karkush et al.

1 Introduction

A quay wall is earth retaining structure that is used to dock floating vessels and
transfer goods. There are various types of quay walls such as gravity, sheet pile,
structures with a relieving platform, and open berth types are used for mooring and
berthing floating vessels such are barges, container vessels, ships, and boats. The
selection of any type depends on the local soil conditions and shipping requirements
[1]. During earthquakes, the failure of quay walls caused by either high displace-
ments of ground exceeding the limits or a local failure in the structure; therefore, it’s
necessary to investigate the quay wall’s deformation and stress during earthquakes.
In recent decades, many earthquakes caused significant damage to the quay walls.
For example, during the Kobe Hyogo-ken earthquake in Japan, the sheet pile quay
walls were roughly damaged, and the steel plates were broken. In 1983 Nihonkai-
Chubu earthquake hit the Akita port, and its quay walls were severely damaged due
to liquefaction of backfill, and in 1964, Niigata earthquake caused serious damage
to the quay walls [2].

Several numerical simulations were done to study the seismic behavior of quay
walls, and these studies concentered on the mitigation of damage of quay walls.
For example, Dakoulas and Gazetas [3] used numerical modeling to investigate soil
effects on quay walls’ deformations. Examined four cases, one as a reference model
and the other 3 cases are more or less similar. They demonstrated that improving the
foundation soil is successful in reducing deformations. Cilingir et al. [4] studied both
centrifugal testing and finite element (FE) analysis to investigate anchored sheet pile
walls under seismic loading in dry sand.

Themodel wall is connected to the backfill with two tie rods attached to the anchor
beam. The sheet pile acceleration, the anchor beam, and the soil around the wall
weremeasured using aminiature piezoelectric accelerometer. The results dementated
a complex combination of soil-structure between the sheet pile wall, the anchor
beam, and the soil in which it resides. Time-histories of acceleration reported on the
sheet pile wall, the anchor beam, and surrounding soil showed significant agreement
with the FE analysis results. Several useful numerical analyses were conducted to
simulate seismic centrifuge experiments of a multi-block gravity quay wall. The test
results demonstrate that the numerical analysis expected a more significant outward
quay wall displacement, followed by a larger backfill settlement, than the centrifugal
experiments [5, 6]. Sheet pile quay walls have several benefits: low cost, a few
material consumptions, and simple construction, so it is commonly used in inland
and coastal areas. During the sheet piles’ design, the pile must consider the sheet
pile’s bearing for seismic action [7]. The present study discusses the effect of seismic
load on sheet pile quay walls, with and without anchor beam.
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Quay wall

Gravity walls
Block walls

Cassian walls

L-walls

Cellular

Reinforced

Sheet pile walls
Cantilever walls

Anchored walls

Open berth walls 
With retaining wall

With embankment

Fig. 1 General types of quay walls

2 Quay Walls

The major types of quay walls are gravity walls, sheet pile walls, and open berth
quays. They specify any one of the quay wall types can be used depends on local
soil condition and shipping requirements. Gravity quay wall is commonly used by
engineers when the soil has an adequate bearing capacity because it is an economical
option and necessity the depth of free water about (10–18 m) is necessary for ships
[8]. Sheet pile quay walls are used where the subsoil condition is weak, and it can
be easy to penetrate it into the ground up to the required depth. However, the quay
wall may not be functional in the soft subsoil conditions because of the consolidation
settlement. To decrease the consolidation settlement, the sand filler was used as an
alternative to soft soil.

On the other hand, liquefaction of the filling sandy layer becomes another threat
to the quaywall systems, so the sheet pile quay wall is not suitable as it is subjected to
a tremendous amount of lateral pressure of soil as from the dynamic load. In addition
to that, a considerable height of the wall and liquefiable backfill soil behind it, sheet
pile quay wall might be a costly solution, especially in case of the earthquake [1, 9].
Figure 1 shows the major types and shapes of quay walls.

3 Seismic Loading

Seismic loading is one of the principal concepts of earthquake engineering thatmeans
implementing an earthquake-produced agitation to a structure. Mainly, seismic
loading depends on the earthquakes’ expected parameters at the site (seismic hazard),
the site geotechnical parameters, and the structure’s parameters [10].Before the earth-
quake occurs, the forces that affected the quay wall are limited only to the earth and
water forces, but during an earthquake, several forces are produced in the quay wall,
such as the wall’s inertia force, dynamic earth’s force, and dynamic water’s force
[11]. Series of earthquakes occurred in In Japan,Hokkaido that led to destroying quay
walls in Hokkaido Island. These earthquakes demonstrated that the degree of damage
is strongly related to the occurrence of liquefaction in the backfill [12, 13]. When
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the earthquake occurred, many seismic waves are released in space surrounding the
hypocenter, and they all move in different ways. Commonly, there are two major
types of waves, Body waves (compressional waves and shear waves) and surface
waves (Love and Rayleigh) [14].

An earthquake’s magnitude is a quantitative measure of earthquake size and fault
dimensions, basically depending on the maximum amplitudes of body or surface
seismic waves. The Richter scale is the most commonmagnitude scale that measures
the maximum amplitude of the seismic wave (in microns) [15]. Intensity represents
a non-instrumental perceptibility measure of damage to the earth’s surface struc-
tures such as cracks and landslides, fractures, and human reactions to earthquake
shaking. Intensity scales are the European Macroseismic Scale (EMS), Mercalli–
Cancani–Seiberg (MCS),Medvedev–Sponheuer–Karnik (MSK), JapaneseMeteoro-
logical Agency (JMA), and Modified Mercalli (MM). Intensity scales could include
a description of construction quality for structures in the exposed area [15]. At the
northeastern boundaries of the Arabian Plate, Iraq is situated in a relatively active
seismic zone. According to ZagrosTauros Belts, the Arabian plate subduction into
the Iranian and Anatolian Plates [16]. In the upper 40 km of the earth’s crust, several
earthquakes have the most considerable energy. Based on the Middle East’s seismic
risk zonation map, the Iraq eastern border can be assessed the peak ground accelera-
tion levels. It varies from 0.16 to 0.48 g, so a Maximum Design Earthquake (MDE)
for this zone has a PGA of about 0.48 g [17, 18].

4 Methodology of Numerical Modeling

The two-dimensional stress analyses (PLAXIS-2D) were carried out to study and
evaluate the anchored sheet pile quay wall’s seismic performance before the actual
application. An appropriate soil model and suitable design properties of the material
should be defined as input parameters. Two models were used in the present study to
study the performance of sheet pile quay wall under seismic loading. The first model
was used in the sheet pile quay wall (sheet pile, pile, and tie rod), while the second
model used an additional pile and tied rod as a reinforcement system. The model
geometry is shown in Fig. 2, and the type of soil model and properties of materials
used in this present study are given in Table 1.

5 Results and Discussions

The dimension and properties of soil, sheet pile, and deck pile are given in Table
1, and Fig. 3 were done in PLAXIS 2D analysis. The hardening soil model is used
because it is preferred in dynamic analysis [19]. The standard seismic loading in
the PLAXIS 2D model was used as a reference to dynamic load. Acceleration and
displacement (horizontal and vertical) are calculated in specified points C, E, and D,
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Model (M1)

Model (M2)

Fig. 2 Schematic diagram of the PLAXIS finite element models M1 and M2

as shown in Fig. 2. Point C is located at the top of the sheet pile, and it is the more
affected point, while point E is the tip of the sheet pile. Mesh and deformation that
occur in two geometry models after the test are given in Fig. 3. Also, all the results
of the analysis for the two models are shown in Table 2.

Displacement represents the quay wall model’s movement to the backfill and
waterside’s direction (due to the water’s kinetic energy at waterside and backfill soil
in the backward of the model). Both seismic positive and negative displacements
(horizontal and vertical displacements, respectively) of the sheet pile quay wall at
point C were computed by PLAXIS 2D. The relationship between displacements
and time is given in Figs. 4 and 5. These relations show the horizontal displacements
gradually increased until they reached the value of 28.3 mm in model M1 (C1)
and 14.3 mm in model M2 (C2). Also, vertical displacement increased with time
and reached the maximum value of 40.79 mm in C1 and 21.8 mm in C2. These
displacements may be attributed to the dynamic water pressure and liquefaction of
the foundation sand [19, 20]. The displacement results demonstrate that additional
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Table 1 Material properties Properties Material type

Sandy soil Sheet pile Deck pile

Type of model Hardening soil
model

– –

c (kPa) 1 – –

ϕ (°) 32 – –

Ѱ (deg.) 2 – –

γunsat(kN/m3) 17 – –

γsat(kN/m3) 20 – –

Eref
50 (kN/m

2) 1.5 × 104 – –

Eref
oed(kN/m

2) 1.102 × 104 – –

Eref
ur (kN/m

2) 4.688 × 104 – –

νur 0.25 0.2 0.2

EA (kN/m) – 1.628 × 106 1.785 × 107

EI (kNm2/m) – 7.049 × 104 9.672 × 104

D (m) – 0.721 0.255

W (kN) – 0.633 6.944

Finite element mesh of model M1 Deformation shape of model M1

Finite element mesh of model M2 Deformation shape of model M2

Fig. 3 Mesh and shape of deformation of analyzed models
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Table 2 Results of analysis of two models M1 and M2 by PLAXIS 2D

Parameters Model Point C Point E Point D

Max. vertical displacement (mm) M1 40.79 – –

M2 21.8 – –

Max. horizontal displacement (mm) M1 28.3 – –

M2 14.3 – –

Max. Acc. (m/s2) M1 5.799 2.705 3.01

M2 4.697 1.894 2.856

Min. Acc. (m/s2) M1 −5.5453 −2.1591 −2.399

M2 −4.492 −1.511 −2.279
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quay wall parts are very efficient to improve the system and decrease displacement
by about 49.5% and 46.5% for horizontal and vertical displacement, respectively.

The accelerations are calculated in points C and E as a function of time. The value
of acceleration various from positive to negative values at the time ranged from 0
to 7 s; after that, this difference begins to decrease until reaching the end of the
test, as shown in Figs. 6, 7, 8, 9, 10 and 11. As compared in acceleration between
point C and E, the maximum value of acceleration is 5.8 m/s2 and 4.7 m/s2 in C1
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Fig. 6 Variation of acceleration with time at point C of model M1
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Fig. 11 Variation of acceleration with time at point D of model M2

and C2, respectively, while the maximum value is 2.7 m/s2 and 1.9 m/s2 in E1 and
E2, respectively. These differences in acceleration between point C and E can be
attributed to the location of point C at the top of the quay wall model and subjected
to the effect of cyclic wave pressure of water at the face of the sheet pile quay wall
in the waterside. In contrast, point E is located at the end of the sheet pile in sandy
soil, where the pore water pressure in the foundation layer increases and thus the
occurrence of the liquefaction [1, 4, 19]. The results showed the additional part of



364 M. O. Karkush et al.

the quay wall led to a decrease in acceleration value, about 19% and 29.6% for point
Cand E, respectively.

6 Conclusions and Recommendations

From the results of this study, the following points can be concluded:

• The results showed that the seismic wave amplification is increased significantly
from the bottom end of the sheet pile quay wall to the top end.

• Point C at the top of the sheet pile quay wall is highly influenced by seismic
loading.

• The results showed that using a tie rod (anchor and pile) reduces the seismic
effects on sheet pile quay walls.

• Using a tie rod (anchor) with sheet pile causes reducing the displacements
resulted from seismic loading by 49.5% and 46.5% for horizontal and vertical
displacement, respectively.

• The acceleration in various points at sheet pile quay wall (model M2) is less than
(model M1). The additional tie rod led to decreased acceleration values, about
19% at point C located at the top of the sheet pile and about 29.6% at point E
located at the tip of the sheet pile.

Three important recommendations can be constructed:

• It is recommended to conduct more study on the strain-dependent critical
acceleration in dynamic analysis.

• It is suggested that further seismic test states of anchored sheet pile walls with
deafferenting setups are formed.

• Increasing the value of seismic research of anchored sheet pile walls., it is believed
that field measurement data requires to become obtainable. Using this data, a real
investigation of this research can be achieved.
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Effect of Wing Ratio of Single Helix
Screw Pile on Ultimate Compression
Capacity Embedded in Cohesionless Soil

Hiba D. Saleem, Asad H. Aldefae, and Saleem M. Mearek

Abstract The screw piles are a well-known long foundation system that is widely
used in onshore and offshore big projects. These piles aremade of open/closed-ended
steel shaft, and flanges/helices are welded along the shaft at different spacing. This
paper focuses on investigating the effect of flange diameter for single flange screw
pile models on the ultimate compression capacity. In this paper, the flange diameter
(Df) is presented as a ratio of the shaft/core diameter (i.e., Df/Dc), and the three
wing ratios are used (i.e., 1.5, 2, and 2.5) correspond to (15, 20 and 25 cm of flange
diameter). The total length of the screw pile model is 50 cm, and 45 cm is embedded
with the sandy soil at a medium dense state. A commonly used failure criterion is
performed to determine the ultimate compression capacity at the end of the loading
tests from settlement-load curves (i.e., 10% of flange diameter, Df). The results of
the ultimate capacity showed a good representation of the single flange screw pile
models in cohesionless soil.

Keywords Wing ratio · Flange · Sand · Screw pile · Compression load

1 Introduction

A long foundation system is widely recommended and performed in-situ around
the world when the soil strata are weak at shallow depths. In this case, carrying
compression loads of the structure are transferred to the strong layers, which exist
many meters under the ground surface. Such foundation system have existed in
different types (i.e., pipe piles, bored piles, driven piles, and helical or screw piles).
Screwpiles are used to resist the compression, tension, and lateral loads. Last decades,
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the screwpileswerewidely used tomaintain old engineering projects such as railways
that were suffering from sudden failure in the embankment and the underlying soil
due to rail loading [1] or to resist sudden differential settlement of structure [2]. It
may also be used as an alternative to the conventional (ordinary) piles in offshore
structures such as wind energy turbine projects [3] and onshore structures [4]. One of
the main advantages of the screw piles is the easiness of installation and no waste soil
during the installation process compared to the conventional piles foundation. Screw
piles consist of steel shaft (circular or square) section with single, double or even
triple flanges. The flanges (helices) are welded along the steel shaft equally spaced.
Conventionally, the first helix is fixed at the bottom of the shaft (to facilitate the
penetration during installation at the first stage), whereas the others can be distributed
along the shaft. The compression and tension capacity of the screwpiles develop from
the helix, particularly from the bottom of the flange, due to the considerable bearing
resistance [5, 6]. The compression and pullout resistance may be reached three times
that of conventional piles (i.e., pipe piles).

The diameter of the flange plays a significant role in the governing of the compres-
sion capacity. Experimentally, this parameter is well-known as a non-dimensional
parameter rather than the diameter of the helix (Df). This term is called wing ratio
(i.e., Df/Dc), which is the ratio of the flange diameter to the core (shaft) diameter.
Experimentally, many studies focused on the effect of wing ratio on the compression
and tension capacity of screw piles [7–11]. Numerical modeling is also performed
to investigate how the compression and tension capacity of screw piles is strongly
affected by the wing ratio for single and multi-helix screw models [12–14]. This
paper investigates the effect of wings ratio (i.e., Df/Dc) of small-scale screw pile
model installed in sandy soil on the compression capacity. The experimental tests are
performed in the University of Wasit, engineering faculty, geotechnical laboratories
utilizing a special pile loading machine.

2 Experimental Tests and Physical Modeling

The experimental tests are performed using an appropriate previously designed and
fabricated loading machine. Small-scale circular hollow steel screw pile models are
manufactured as well. Special data physics (data logger) to collect the data during
the tests are used, and sandy soil that was pluviated in the container at medium dense
state using the sand raining technique. Full details of each section and full description
are shown in the next sections.

Steel Container (Box). The container has dimensions (750 mm in length, 600 mm
in width, and 800 mm in height). These dimensions have been chosen to achieve
the minimum width and height in order to prevent any boundary effect during the
installation of the screw piles (see Fig. 1). It can also be seen that the interior container
walls were provided by frictionless rubber layers to decrease any interaction between
the walls and the adjacent soil.
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Fig. 1 The steel container

Small Scale Screw PileModels. Single flange screw pile models are fabricated from
mild steel (circular hollow section) at the University of Wasit/ Engineering faculty
workshop. The total length of the model was 50 cm, and one flange or helix was
welded close to the bottom tip of the pile model. The main hollow steel core (shaft)
diameter of the screw pile element is 10 mm with a 45° conical tip (apex angle) so
that the screw pile can be inserted within the sandy soil easily during installation. The
three-screw pile models were made of one core diameter while the flange diameter
was (15, 20, and 25 mm) respectively. The pitch of the screw pile elements has been
selected so that the downward distance during installation for one pitch is equivalent
to one rotation as described by [15, 16]. The bigger pitch for the flange was not
necessary because the increasing of the inclined flange surface during installation
leads to loose in the installation energy and subsequently decreasing the screw pile
resistance [17]. These diameters represented flange to shaft ratio 1.5, 2, and 2.5,
respectively. Thus, according to the wing ratio above, three main compression tests
were performed for screw piles embedded in cohesionless (sandy) soil after the
installation using the installation-loading machine. The total embedded depth of the
screw pile models in the sandy soil was 45 cm. Moreover, the hollow steel shaft
pipe model with a length similar to the length of the screw pile model is also tested
under the compression load for comparison. Figure 2 shows details of the screw pile
models used in this paper.

3 Installation and Loading Machine

A special pile loading machine is used in this paper to install the screw pile models.
The loading machine is able to install pile elements up to 60 cm with maximum
carrying capacity 5 kN using S- shape load cell. The electro-mechanical system of
the machine is provided with two actuators. The first one is used to apply torque with
a rotational speed of 0.8 mm/min. This very low rotary speed is equivalent to what
has been presented by Al-Baghdadi et al. [18] when designing a controlled inflight
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Fig. 2 Set of screw pile models used in the tests

loading rig system for geotechnical centrifuge at the University of Dundee. The
second actuator is connected through a ball screw system to apply the load during
screw pile loading. The remarkable part of this machine is the slip ring that was
connected to the actuator and the load cell. This slip ring is fabricated from brushes
and rings and PVC materials in which the electrical poles are fixed to transmit the
electrical signal from the load cell to the data logger. This technique allows the
wire of the load cell to be connected to the data logger without rotation during the
installation process. After the installation, the actuator is switched off. The loading
process can be done using another actuator that allows via four legs of ball screw
system transferring the rotary actuator motion into axial motion. In this case, the
bench connected to the first motor (switched off) can be applied to an axial load
on the head of the crew pile model (the load cell is connected between them). Full
details of the designed loading machine can be found in [19] (Fig. 3).

Sand Used in This Study. Silica sand is used in this study was at a medium dense
state. The sand was dried and sieved via #10 sieve in order to remove any large size
particles, and this procedure was followed by many previous studies [20–25]. On
the other hand, the sand was sieved to achieve the mean particle size (i.e., D50) and
the properties being close to HST95 silica sand properties that were widely used by
researchers around theworld in physicalmodel preparation [26, 27]. To determine the
shear strength parameters, the direct shear test was conducted on the sand specimens
to find the peak angle of internal friction (ϕpk) and critical (residual) angle of internal
friction (ϕcr ). The shear cell is filled with sandy soil, and the similar technique of
the physical model preparation (discussed next section) proposed by Al-Defae and
Knappett [28] was followed. Theoretically, it is essential to know both values of
friction angle (one at peak state and the other at residual state). That was because the
soil during installation would go through the two cases. At the beginning of the screw
pile insertion, the soil at the peak state and once the flanges start penetrates the soil
due to the rotation during installation; the deformation of the soil in the penetrated
zone would be at the residual state. As long as the screw pile penetrates the soil, the
soil status around the screw pile remains at the critical condition.

These two values are important in the analytical solution using the well-known
imperial equations of determining the compression resistance of the screw piles.
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Fig. 3 Details of compression loading system [19]

The compression capacity of screw piles is not much different from determining
the conventional pile resistance, except the bearing resistance develops at the lower
flange of the screw piles.

From Fig. 4a, it is concluded that peak shear strength is remarkable at low strain
level during the direct shear test (i.e., below 2 mm), which provided an angle of
internal friction about 39° (Peak state). At the remaining part of the curve, specifically
more significant than 3 mm of horizontal displacement, the residual strength is well-
indicated as the shear stress remains constant. This point represents the threshold
when the soil starts the critical state. The angle of internal friction 32° at this case
is critical. During the installation of the screw pile model, the sheared zone makes
the interaction between the disturbed soil and the soil adjacent behaves similar to
the shear strength investigated from the direct shear test. Figure 5 shows the particle
size distribution (PSD) of the sand used in this study and the HST95 silica sand size
distribution.

Physical Modeling Preparation. The sand raining technique is used to prepare
the model and filled the container with sand at medium dense sand (approximately
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Fig. 4 Direct shear test
results; a Shear
stress-horizontal
displacement and b Shear
vertical
displacement-horizontal
displacement

Fig. 5 Particle size distribution (PSD) of the used sand
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Fig. 6 Mechanical pluviator used in the model preparation [22]

55%). The mechanical pluviator that was designed and fabricated by Aldefae and
Saleem [22] is used in the pluviation process. This machine can make the sand
particles fall down (from the desired depth) to the container in a way similar to the
raining. The height and the slut size of the bloviator container directly affect the
obtained density. Full details of this machine and how the model is prepared are
found in [22] (Fig. 6).

Once the model is prepared, the container is transmitted to the compression
loading machine to be ready for screw pile installation. The screw pile model is
fixed tightly with an appropriate jaw set which is connected with the load cell. This
set is linked with the data logger and the signals, whereas the data are collected from
the computer via a controlled subroutine. The slow rotational speed makes the model
of the screw pile element embedded within the soil in a way close to that in prototype
scale. According to this procedure, the installation takes a long time to reach the final
desired depth (i.e., approximately 45 cm of the crew pile model inserts in the sandy
soil). Then, the actuator is switched off, and the other actuator is switched on for the
loading process. This machine is able to conduct the pullout capacity of the screw
pile element as well (which is not mentioned in this paper).

4 The Compression Capacity Results

Asdescribed earlier in this paper, five tests are performed.Three for screwpilemodels
at different wing ratios (i.e., Df/Dc), and the other two are for two conventional pile
models (i.e., open-ended pipe pile) in two installation methods (i.e., pushed and
rotational installation). The main aim of these tests is to figure out whether the flange
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diameter is a good choice to increase the screw pile compression resistance. All tests
have been performed according to the 0.1Df failure criterion as explained previously.
Many procedures and methods have been followed and proposed to determine the
ultimate capacity of piles [29–31]. The failure criteria, as proposed by Fateh et al.
[32] and many others, is 5%-10% of the pile diameter. In large flanges of screw
piles or in prototype scale, 10% of the flange diameter is large relatively, whereas,
for small-scale screw pile models, this percentage seems to be more reasonable to
estimate the ultimate compression capacity. However, the total loading tests have
exceeded this limit to cover the full behavior of the loading stage. By using the 10%
criterion, the ultimate compression capacities are determined (in kN) for all screw
piles and the pipe pile. Figure 7 shows the compression load-settlement curve for the
tested screw pile models as well as the pipe pile model in two installation methods as
explained before (i.e., pushed vertically and rotationally, Black and Gray lines). The
main finding here is that the screw piles model exhibited a similar trend as the load
increased with the increase of the settlement. In contrast, the un-flanged pile model
(in both installation methods) has a typical failure mechanism as the load increases
until 1.5 mm settlement and then remains constant along the rest of the depth.

It can also be seen that the increase of the flange diameter significantly influences
the measured compression load at failure (0.1Df of settlement). The measured values
of the load are (0.95, 1.25, and 1.72 kN) corresponding to the settlement (1.5, 2, and
2.5mm) for wings ratio, Df/Dc (1.5, 2, and 2.5), respectively. Low compression loads
are measured for un-flanged (open-ended pipe pile model) in both methods (pushed
and rotated installation methods), and they were 0.67 kN at pushed vertically model

Fig. 7 Compression
capacity-settlement
relationship
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Fig. 8 Compression capacity for flangedmodels (as a function ofDf/Dc) comparedwith un-flanged
(pipe model)

within the sandy soil. The compression resistance is slightly different from that
measured at a similar screw pile installation method (0.61 kN). This behavior can be
attributed to the increasing of the flange surface area strongly affected by the screw
pile tip bearing resistance developed during loading. The total acquired resistance of
a single flange screw pile is the summation of the sleeve (frictional resistance) along
with the core (shaft) of the pipe above the flange to the soil surface, and the bearing
resistance developed below the single flange (or the lower flange for multi-flange
screw pile). The normalized measured compression loads of all tests were plotted
against the wings ratio as shown in Fig. 8. The normalized load is the ratio of the
measured compression load of screw pile models (of all three Df/Dc ratios tests) to
themeasured loads of non-flanged or pipe pile (installed by screwing within the soil).

It can also be noted that the Q/Qo does not change linearly with increasing flange
diameter as comparedwith [33]. This is because the results of [33] are formulti screw
piles, and the failure mechanism was closed to the cylindrical shear failure in which
reflects the increase of the defined perimeter by the flange. The most capacity is
developed due to sleeve friction along with the soil-formed cylinder. While in this
paper, the screw elements have one flange. Thus, themeasured load resistance is fully
developed from the bearing resistance of the last/bottom flange (one flange here).
However, good agreement and identical results of the screw pile under compression
load are obtained (as shown in Fig. 8, the red points) and different degrees of fit as
seen in the equation in Fig. 8.

5 Conclusions

A small-scale screw pile compression loading test was conducted using single-flange
screw pile models with different wings ratios (i.e., flange/helix diameter to core/shaft
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diameter ratios (Df/Dc). The pile models were installed in medium dense sandy soil
to understand the ultimate compression load, which affected the wings ratio. The
main findings of this paper can be presented in the following conclusions:

• The single-flange screw pile improved the ultimate compressive resistance (160,
208, and 289%) at the helix or flange to core or shaft diameter (i.e., Df/Dc) 1.5, 2,
and 2.5, respectively. This is not surprising as the bearing resistance of the flange
during compression is affected by the surface area of the flange.

• The screw pile settlement- compression load curves of the screw pile models
showed typical behavior, particularly the elastic zone at low displacement
increments. A very well-trend is inspected for the open-ended shaft pile model.

• The pile model geometry (flange diameter here) plays a significant role in the
bearing resistance and subsequently, the ultimate capacity of the screw pile
models.

• The individual bearing failure mechanism is more reasonable for single-flange
screw piles than the cylindrical shear failure, which typically appears in the double
or multi-flange screw pile models.

• The ultimate capacity of open-ended pile models is slightly affected whether they
installed using pushed axially or rotated as screw pile in sandy soil.

• Experimental tests should be performed using different relative densities of sandy
soil and maybe clayey soil to confirm the main findings from this study. Large
flange diameter is recommended to be testedwith other shafts (core) to seewhether
the sleeve resistance of the shaft is more effective than the wing ratio.
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Numerical Analysis of Piles Group
Surrounded by Grouting Under Seismic
Load

Mahdi O. Karkush, Abeer H. Mohsin, Husam M. Saleh, and Bilal J. Noman

Abstract The present paper aims to study the behavior of piles group surrounded
by grout material under the effect of seismic loads. In this study, El Centro earth-
quake data were used as input time acceleration history with maximum peak ground
acceleration (PGA) of 0.31g. Several cases were analyzed numerically to evaluate
the piles group behavior under the effect of an earthquake. The first case included
the impact of seismic loads on the piles group behavior without grouting; the results
showed that the maximum seismic settlement was about 45 mm. The second case
included improving the soil surrounding the piles with grout material at different
depths and diameters. The results showed a decrease in the maximum seismic settle-
ment value when the piles surrounded by grouting of the radius (0.5, 1, and 1.5 m)
and extended to a depth of 2 and 4 m. The maximum value of settlement of the pile
group was 28, 24, and 20 mm when surrounded with grouting of radius 0.5, 1, and
1.5 m, respectively, and extended to a depth of 2m. Themaximum amount of seismic
settlement decreased to 25, 21, and 19 mm for grouting radius of 0.5, 1, and 1.5 m,
respectively, when the grouting depth increased to 4 m.
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1 Introduction

The behavior of pile foundations under earthquake loading is a critical factor that
influences efficiency and stability of structure. Observations from previous earth-
quakes have shown that piles in stiff soils performwell, while piles in soft soils exhib-
ited serious problems.The construction in or on soft soils is considered abig challenge
for geotechnical engineers due to low strength and high compressibility of such soils.
Many geotechnical problems for construction in soft soils can be addressed such as
slope instability, shear strength failure, and excessive settlement could occur either
during or after the construction period [1]. Therefore, many studies have addressed
the various methods of soil improvement under different loading conditions. These
studies show that improving the soil with cement is a viable method for significantly
raising the pile resistance in soft soil. However, minimal experimental research has
been carried out to isolate soil improvement effects around a single pile and demon-
strated the influence of soil improvement on the behavior pile in soft clayey soils
under seismic loads.

Rollins and Brown [2] enhanced the static and dynamic performance of full-scale
piles group using a range of soil improvement techniques, including jet grouting, soil
mixing, flowable fill, soil replacement, and compacted aggregate piers in treatment
of soft clay in the vicinity of the pile and/or the pile cap. In general, soil improvement
methods that use cement as a stabilizing agent (e.g., jet grouting, soil mixing, and
flowable fill) resulted in the greatest improvements in lateral resistance compared to
other soil treatmentmethods. The region of soil surrounded piles can be grouted in the
form of block type below the pile cap and extended to the desired depth. In contrast
to the non-improved piles group, the piles group’s lateral resistance increased by 220
percent while the pile cap’s passive resistance against the soil was ignored. Also,
the initial stiffness of the improved soil increased by 14 times the results of small
displacement tests (<30 mm).

Yamashita et al. [3] studied piled raft performance with ground improvement
(deep cement mixing walls) subjected to seismic loading. The authors investigated
a 12-storey building rest on loose silty sand underlain by soft cohesive soil and
simulated this building under seismic loading using Finite Element Analysis. It is
estimated that the frictional resistances around the piles enclosed by the grid-form
walls were small, and also the grid-form walls reduced the bending moments at pile
head, whereas those at the lower end of the grid-form walls behaved similarly to
those at the pile head.

Liu et al. [4] used two centrifuge tests on a single pile installed in natural and
improved soft clay (using deep cement-soil mixing), with the relative pile-soil stiff-
ness values varying nearly two orders of magnitude and subjected to cyclic lateral
loading and seismic loading. The cyclic loading results showed that improving the
soil around a pile foundation using cement deep soil mixing is an effective way
to enhance that foundation’s lateral load behavior. Depending on the extent of soil
improvement, elastic lateral stiffness and ultimate resistance of a pile foundation in
improved soil increased by 2–8 times and 4–5 times, respectively, from those of a
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pile in the natural soil. The present study is devoted to modeling the piles group’s
soft ground behavior improved by grouting and subjected to seismic loading. The
study considers using cement shallow soil mixing (CSSM) instead of deep mixing,
and the extent dimensions do not exceed 5D of the pile. This technique may be less
costly and a simple injection process.

2 Soil Improvement by Grouting

One of the ground improvement techniques appropriate for soft soils is grouting.
This approach is typically used to fill voids in the ground (fissures and porous struc-
tures) in order to improve resistance to deformation, supply cohesion, shear strength,
compressive strength, and finally minimize hydraulic conductivity or interconnected
porosity in an aquifer [5]. Many types of grouting techniques are available, the
selection of suitable technique depends on the intention and the condition of the site.
These techniques can be classified into compaction grouting, permeation grouting,
jet grouting, hydro fracture grouting, rock grouting, and compensation grouting.
Selecting the appropriate improvement technique depends on several factors such as
type and layers of soil, type and magnitude of loading, and type of project [6]. In
1992, the technology of post-grouting of slurry at the bottom of the bored pile was
developed successfully, and then the technology of post-grouting along pile shaft
followed.

In comparison with overseas ones, the facilities for both technologies are tech-
nically simple, easy to operate, cost-effective, reliable, and applicable in terms of
structure, process, and effectiveness [7]. Post grouting at pile bottom can increase tip
resistance and increase side resistance at the middle and lower part of piles because
cement slurry spreads upwards along the pile. The bearing capacity of both bottom
and side grouting piles increases significantly from that of only bottompiles grouting.

3 Seismic Loading

Earthquake is the sudden, rapid and shaking of the earth caused by the breaking and
shifting of subterranean rock as it releases strain that has accumulated over a long
time. A series of the wave is generated by an earthquake and can be divided into: -

(1) Body wave including: -

(a) P-wave
(b S-wave.

(2) Surface wave including: -

(a) Rayleigh wave
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(b) Love wave

Each wave has a specific magnitude and direction of propagation; however, it is
essential to recognize that the peak ground acceleration will be most influence by
S-wave and, in some cases, by a surface wave. Note that the surface wave can be
considered as especially damage to the structure. Pile often is used to transfer the load
from the structure to the underlying soil (weak soil). Dynamic load for pile under
building may cases large deformation and soil non-linearly. Interaction between pile
and soil plays the primary role in the structure’s response to the earthquake; many
researchers study the behavior of piles subjected to dynamic load. Iraq is located in
the seismic zone earthquakes are between (2.7–7.2 ML).

Abd Alridha and Jasem [8] carried out an earthquake assessment study in central
and south of Iraq; it can be noted that the seismic zone east of Iraq is more significant
thanwest of Iraq. The cement injectionmethodwas carried outwith pressure grouting
to introduce an initial force between the soil and pile base and sides to increase the
pile’s load-bearing capacity and reduce the pile’s settlement.

4 Numerical Modeling

The finite element method is a numerical technique to find approximate solutions
for boundary value problems. It is an effective technique to divide the enormous
problems into small parts to simplify the solution. It is commonly used to solve
complex engineering problems, including the problems in this study’s domain [9].
This study adopted PLAXIS 3D to model the domain problem under finite element
analysis technique based on specified conditions as this package is a useful tool in this
domain. The capability of this program covers the behavior of structural elements and
soil. In this study, the dynamic analysis was adopted using time-history acceleration
as input data; the earthquakewas simulated as a prescribed acceleration applied at the
bottom of the finite element model (which is the base layer’s location). This approach
is common in simulating the earthquake’s effect in the finite element analysis [10].
Figure 1 shows the El Centro earthquake’s time history, which is applied to the soil’s
base model. This study includes numerical analysis of pile groups inserted in the soft
ground; soft clay properties were adopted from reference [11]. The properties of soil
are given in Table 1.

The piles group’s studied model consists of 2 × 2 piles with spacing between
piles equals 6d = 3.6 m, where d is the pile’s diameter. The pile cap dimensions are
(12 × 12 × 0.5) m, and the pile’s dimensions are 0.6 m in diameter and 12 m in
length. The piles are modeled as volume elements with a modulus of elasticity as 3
× 107 kPa, and the unit weight 24 kN/m3. The boundary conditions are simulated
according to the fundamental requirements as viscous with the direction of seismic
movement and fixed boundary in other situations. To study the grout material’s effect
on the piles group behavior, the cement material used as jet grouting according to
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Fig. 1 Time-history of acceleration of El Centro earthquake [10]

Table 1 Soft soil properties [11]

γunsat (kN/m3) γsat
(kN/m3)

E50
ref

(kPa)
Eoed

ref

(kPa)
Eur
(kPa)

Power (m) Cohesion
(kPa)

Material model

13.24 18.85 600 1425 1800 1 10 Hardening soil
model

Table 2 Properties of grout material [12]

E (MPa) N ϕ’ (°) c’ (kPa) γsat (kN/m3)

150,000 0.25 35 900 19

reference [12, 13]. The grouting material is modeled as elastic-perfect plastic using
the Moher-Coulomb model with properties as shown in Table 2.

The grout material was modeled around the piles with different radii, where the
piles were surrounded by the grout material, as shown in Fig. 2. Three radii (0.5, 1,
and 1.5 m) of the cement grouting were used in the study and extended to depths of
2 and 4 m.

5 Results and Discussion

Verification Modeling. This verification was achieved by comparing the results
obtained from the PLAXIS software with other packages of programs to ensure
the realization of the program’s ability to analyze seismic load. So, a case study
was analyzed using PLAXIS software to achieve the mentioned goal. The case study
included comparing the results obtained froma survey conducted byEslami et al. [14]
and using PLAXIS 3D under the same geometry, loading, and boundary conditions.
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Fig. 2 a Schematic diagram of piles group surrounded by grout b numerical modeling of the
grouted pile

The study included seismic analysis of a pile group under the effect of seismic loads
using the El Centro earthquake, the model was modeled using ABAQUS software,
and the results were verified based on experimental work. The study adopted a pile
group analysis of the rectangular pile dimensions 0.5 × 0.5 m of piles with a length
of 9 m. the domain model is 28 × 28 × 16 m. The soil properties are: Young’s
modulus is 40000 kN/m2, soil unit weight is 16.3 kN/m3, Poisson’s ratio is 0.3,
Friction angle is 31°, and soil cohesion is 10 kPa. The obtained results are shown in
Table 3, where the results obtained from PLAXIS software are close to the results
obtained by Eslami et al. [14].

Piles Group Without Grout. Figure 3 shows the relationship between time and
maximum seismic settlement of piles group in natural soil under seismic load. It
can be observed growing the amount of settlement reaches 45 mm at failure. The
seismic settlement’s high value resulted from the softening of soil under the piles
group subjected to seismic load, where the maximum PGA of El Centro earthquake

Table 3 Comparison of the
result of ABAQUS software
with the results of PLAXIS
3D

Results of pile
group

Results of
ABAQUS [14]

Results of current
study
PLAXIS 3D, 2020

Maximum
horizontal
displacements

44.25 cm 46.203 cm

Maximum
settlement
displacements

10.3 cm 12.601 cm



Numerical Analysis of Piles Group … 385

0

10

20

30

40

50

0 5 10 15 20 25 30 35

Se
ttl

em
en

t (
m

m
)

Time (s)

Fig. 3 Time settlement of group pile without grout

is about 0.31g. The seismic load leads to a degradation of the soil stiffness, which
causes a decrease in bearing capacity and an increase in soil settlement.

Piles Group with Grout. This section deals with grout material’s effect on the piles
group’s performance under the impact of seismic loads. Several patterns of grouting
around the piles groupswere investigated to study the effect of grouting on piles group
performance under seismic loading, different diameters, and depths of grouting.

Effect of Radius ofGrouting.This part includes improving the soft soil surrounding
the piles group with cement grout. The grout material was injected around the piles
with different radii, R= 0.5, 1, and 1.5 m. The results showed that the grout material
reduces the piles group’s settlement under effect of seismic loads. Figure 4 shows a
relationship between time history and seismic settlement of piles group for different
radii of cement grouting extended to a depth of 2 m, where it can be observed
a decrease of maximum settlement from 45 to 29 mm in the case that the grout
material with R = 0.5 surrounds the piles. Also, the maximum settlement of pile
group reduced to 20 mm and 24 mm for the piles group cases surrounded by a grout
with radius, R = 1 and 1.5 m, respectively, as shown in Fig. 5.

Effect of Grouting Depth. Figure 6 shows a relationship between time history and
dynamic settlement of piles group surrounded with cement grouting of radii (0.5, 1,
and 1.5 m) and extended to a depth of 4 m. A decrease of maximum settlement from
45 to 25 mm can be observed in the case that the piles are surrounded by the grout
material with a radius of 0.5 m. Also, a decrease in maximum settlement of piles
group is 22 and 19mm for the cases when the piles are surrounded by cement grout of
radius (1 and 1.5 m), respectively. From the above results, it is clear that the optimal
radius (R) of cement grouting for improving the piles group under seismic loads is
0.5 m. This radius of grouting reduces the settlement of piles group’s under seismic
loads effectively, and injection a small radius of cement grouting is considered an
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economical solution and cheaper than grout with radii 1 and 1.5 m. When plotting
the variation of maximum settlement versus depth of grouting, at a depth of 4 m and
radius of 0.5 m, there is a reduction in the maximum settlement from 45 to 25 mm.
While at depth 2 m, the maximum settlement reduction from 45 to 29 mm is shown
in Fig. 7.

To calculate the dynamic reduction percentage in settlement (RS), the following
Eq. 1 can be applied.
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RS = Si− Sgr
Si

× 100 (1)

Si is the piles group’s initial dynamic settlement without grout, and Sgr is the
dynamic settlement with grout material. The percentage reduction of the pile group’s
settlement surrounded with grout with different depths is shown in Fig. 8. It can be
observed at depth 2 m; the percentage reduction ranges between 37, 46, and 55%
when the grout radius is 0.5, 1, and 1.5 m, respectively. The reduction percentage
increased when the grout depth was increased to 4m. It can be noticed the percentage
of reduction ranges between 46, 53, and 60% for grout of radius 0.5, 1, and 1.5 m,
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respectively. It can be concluded that the grout material plays an essential role in
restricting the movement of the piles under the effect of seismic load, as the grout
material resists the lateral loads and thus increases the lateral resistance of soil and
decreases the amount of settlement.

6 Conclusion

Based on the result analysis, the following conclusion could be drawn: -

• For the group pile, grouting with 0.5 m radius and depth at 2 m, the settlement
decreased by 39%, while at depth 4 m decreased by 47%.

• For the grouppile, groutingwith a 1m radius anddepth at 2msettlement decreased
by 48%, while at depth 4 m decreased by 53%.

• For the group pile, grouting with a 1.5 m radius and depth at 2 m settlement
decreased by 54%, while at depth 4 m decreased by 60%.

• When comparing the results of improvement in settlement for each grouting depth
of pile group, there is a noticeable percentage of improvement at the radius of
0.5 m, and when increasing the radius of grouting to 1 and 1.5 m, the percentage
of settlement improvement is small when compared with the gain with a diameter
of 0.5 m.
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Effect of Spacing Ratio on the Pull-Out
Capacity of Double Helix Pile in Organic
Soil

Majid Hamed, Waleed Mohammed, Hanifi Canakci,
and Abdalkhaliq Mijwel

Abstract Problematic soil has been critical construction problems for many
decades. Field and laboratory investigations have been not often available to provide
safe design and required data for analysis to deals with such soil problems. This study
presents an experimental investigations on the behavior of helical pile in organic
soil. During the investigations, detailed soil characteristics, scale effect as well as
vertical pull-out static load were completed. Organic soil with different densities
were prepared and compactedwith fully saturation conditions. Helix pilewith double
helix plates have been installed, the effect of vertical spacing between the helix plates
under vertical pull-out load were examined. Results have been showing that the load
capacity with s spacing ratios of 1 and 2 is ranged from 1.25 to 1.77 times the
capacity of double-helix pile with spacing ratios of 3 and 4 in both stiff and soft
soils, respectively.

Keywords Organic soil · Helical pile · Pull-out capacity · Helix plate · Spacing
ratio

1 Introduction

Many constructions need to be supported by pile foundations due to different loading
cases, such as compression and tension axial loads along with the lateral loads.
Pull-out load is an axial tension load carried out by different constructions like tall
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chimneys, electric towers, pipe lines under water and tunnels. Although, different
types and shapes of piles are used to support the construction projects, the need to
develop new practical and effective type of foundation is very important. Helical pile
represents a great concept to tackle many challenges in construction projects. The
challengesmay be the driven or drilled pile that could not be applied, no noise control,
cost saving solution and innovative configuration of common piles. Ashni and Janani
[1] carried out an experimental study on the use of helical pile under pull-out load
in clayey soil with many numbers of helices. The study showed that the pull-out
load capacity has increased when the number of helix was increased as well. Rao [2]
investigated the performance of helical pile in soft marine clay that needs to support
oil pipe in deep water. Rao [2] showed that the repetitive loading of the structure due
to the water wave generates a significant static pull that could lead to fail the helix
pile. An experimental series of tests has been conducted by Niroumand and Kassim
[3] on two sizes of irregular-shaped anchors installed in sandy soil under pull-out
load. Niroumand and Kassim [3] showed that an increase in the pile capacity when
the soil density and the embedment ratio has increased. On the other hand, helical
pile under uplift load in clayey soil has also numerically investigated for better
understanding the performance of multi-helix pile instead of existing semi-empirical
methods [4]. Framework as reported by the author can be confidently adopted by the
design engineer to calculate the tension load capacity of helix pile installed in clay
soil. Furthermore, Rao and Prasad [5] calculated the influence of spacing ratio on
the tension capacity of helical pile in clay soil. The study revealed that the tension
load of helical pile were controlled by the spacing ratio. An inclined pull-out load
capacity of screw pile has been predicted experimentally and theoretically by Ghaly
and Clemence [6]. The study showed that there is a rational arrangement between
the laboratories and theoretical results, and also revealed that the rapture surface
is complex and unsymmetrical. Hamed et al. [7] studied the behavior of helical
pile under tension load in organic soil, the study revealed that the pull-out capacity
based on the number of plates and spacing ratio. Helical micro piles subjected to
horizontal and axial loading has also been analyzed by Papadopoulou et al. [8]. The
analysis was made using the method of finite element to predict its tests in the fields.
The results showed that the calculations used for axial and transverse loadings were
reliable mostly for cohesive soils. However, in cohesionlesss soils, one should be
careful when covering the theoretical estimations and should also take into account
the scale effect of each micropile that has been loaded. The effect of vertical loading
on the performance of lateral capacity of helix pile under combined horizontal and
vertical loading has been numerically investigated using different pile lengths and
plate diameters [9]. The research showed that the vertical compression capacity load
has increased the lateral capacity of the pile whereas the pull-out load has reduced
the lateral capacity. Since very little to no study, to the authors’ knowledge, has been
found that could the behavior of helix pile in organic soil, this study was prepared to
examine the behavior of double helix pile under the effect of spacing ratio installed
in organic soil.
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2 Materials

Soil. In this study, the adopted soil is an organic soilwhichwas collected fromSakarya
region, Turkey. The geotechnical properties tests were conducted following ASTM
standards. For ASTM D854 [10] and ASTM D422 [11] were used to determine the
specific gravity and sieve analysis properties of the soil. The soil can be classified
with different ASTM classification system as presented in Table 1. Under 440° C
and 4 h curing, the tested soil has been ignited using a muffled furnace in order to
obtain the organic content (ASTM D2974) [12]. Table 2 and Fig. 1 summarized the
properties and sieve analysis of the soil, respectively.

Table 1 ASTM soil classifications

ASTM standard Criteria Designation Presented properties

Ash content
(D2974)[11]

Low ash < 5% ash 77% High ash

Medium ash 5–15% ash

High ash 15% < ash

Acidity
(D2976)[12]

High acidic pH < 4.5 6.7 Slightly acidic

Moderately acidic 4.5 < pH < 5.5

Slightly acidic 5.5 < pH < 7

Basic pH > 7

Fiber content
(D1997)[13]

Fibric (H1–H3) > 67% fibers Sapric (H7–H10)

Hemic (H4–H10) 33–67% fibers

Sapric (H7–H10) < 33% fibers

Table 2 Properties of
organic soil presented in this
research

Item Value Unit

Maximum dry density 10.3 kN/m3

Optimum water content 39%

pH 6.7

Organic content 23%

Liquid limit 75%

Plastic limit 45%

Natural water content 97%

Fine sand 23.4%

Clay and silt 76.6%

Specific gravity 2.24

Angel of internal friction 360

Cohesion 3 kN/m2
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Fig.1 Particle soxe distribution of the tested soil

Helical Piles. Four different designations piles which were made from steel were
used in this study; (i), a shaft pile with 16mmdiameter and 650mm total length; (ii) a
steel platewith a diameter of 50mmwelded on the steel shaft; (iii) a pitchwith 50mm
hasmade to form helical pile Fig. 2. Each pile has two helical plates, four pile models

Fig. 2 Double-helix pile designation used in the study
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Fig. 3 Tested tank used in the study

were made namely P1, P2, P3 and P4. Different spacing ratios were designated. The
spacing ratio can be well-defined as the relation of the spacing between plates to the
plate diameter. Therefore, the plates of pile have a distance designated as 50, 100,
150 and 200 mm for the model pile P1, P2, P3 and P4, respectively.

TestingTank.To examine the behavior of the pile in small scale tank using laboratory
tests the size of container was given very close attention. To avoid misleading results
that can be associated to the change in the container size the selected dimensions of
the tank were fixed to (800 × 800 × 800) mm. Pull-out test has been carried out
using the tank shown in Fig. 3. A minimum diameter of the soil tank was three times
the diameter of the helix plate to prevent the scale effect [14]. Therefore, the selected
dimensions achieved the scale effect requirements for the present study using a screw
pile with a plate diameter 50 mm.

3 Test Method

Two soil densities have been used in this study (5 and 8.5 kN/m3) for soft and stiff
soil cases respectively. The soil tank was divided in to multi layers and each layer of
50 mm thick. The multi-layers technique is very important to control soil density. A
pre-determined soil weight has filled in each layer and compacted manually using
square steel plate hammer. It is worth to note that this procedure is not a precise
procedure hence, careful attention was paid to ensure obtaining uniform density.
Generally, organic soil retains high water content hence the soil in the tank was
soaked with water to attain the case of soil in full saturation. The model piles were
installed after a fully compaction of all the soil layers has been compacted. In order
to confirm the work repeatability the prepared soil bed and pile installation was
similar for all the tests. The helical piles were installed through soil layers with a
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suitable torque and download force until certain depth (600 mm) was reached. Four
tests has been executed for each density. All experiments were repetitive to increase
dependability of the obtained test results. The obtained data were very close using
the model piles P1, P2, P3 and P4. Vertical uplift pile load was carried out by using
flexible steel wire to the pile head that was attached to the head of the pile (see
Fig. 3). The next end of the rope was bonded to the loading pan. The tests were
carried out under stress control procedure. The increment loads were step by step
increased beginning from the lowest load with small increases in magnitude, and
the vertical displacement was recorded for each load increment. It is important to
note that each load increment remains has been fixed till unimportant change in the
vertical displacement has happened.

4 Results and Discussions

In this section, load capacity of the helical piles were measured. The curves of the
respond of pile to the tension load are shown in Figs. 4 and 5 for all tested helix
pile designation (H1, H2, H3, and H4) installed in both stiff and soft organic soils.
Numerous study methods have been conducted in order to obtain maximum design
load that has must be achieved by the screw piles. The final pull-out load of helical
pile is determined at the maximum point of curvature on the curve. Similar method
was conducted by Mittal and Mukherjee [15] and Mittal et al. [14]. From Figs. 4 and
5, one can conclude that an increase in the number of helix can obviously adjust the
load–displacement behavior of helical pile and increases the ultimate tension load
capability with the increase of the density of organic soil. The ultimate tension loads
for the helical piles H1, H2, H3, and H4 are 62, 50, 40, and 35 N in the soft soil (5
kN/m3), and 92, 80, 63 and 52 N in the stiff soil (8 kN/m3), respectively. To deals

Fig. 4 Load–displacement curves of the piles for soft soil
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Fig. 5 Load–displacement curves of the piles for stiff soil

with the influence of vertical spacing of pile plates on the performance of helical piles
the ratio of helix diameter (D/d here, D is the diameter of helix plate; and d is the
diameter of the pile shaft) was maintained constant at 3.1 for all helical piles, while
the defined spacing (S/D) was rehabilitated to be 1, 2, 3, and 4. The pull-out response
of the helical pile with double helices at various spacing’s is shown in Fig. 6. By
using the method of the maximum point of curvature that was mentioned earlier, the
Figure shows that the interaction between helices decreases when the spacing ratios
increased, and the helices be likely to perform individual. The obtained data for the
selected screw piles are meet with the results by Rao and Prasad [5] and Abdrabbo
and El Wakil [16]. It is found that an increase in the tension load of helical piles
when the density of soil has increased and decreasing in spacing ratio. The obtained

Fig. 6 Effect of the spacing ratio on the pull-out capacity
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results are inconsistence with the discoveries of previous studies by Rao and Prasad
[5] and Khazaie and Eslami [17]. From the results of these tests, it can be found
that the selected vertical spacing relation (S/D) were ranging from 1 to 4 which
mean that both methods of cylindrical shear failure and individual bearing will be
effective. Since the cylindrical failure assumption can be valid up to 2 spacing ratios
[18], the cylindrical assumption may be incomplete with the increase in pile spacing.
Therefore, individual bearing will be valid after 2 spacing ratios [5]. In cylindrical
method, the top helix creates a shear surface like a cylindrical shape that controls its
performance. The soil that was entrapped between the two plates becomes a rigid
cylinder if the plates are adequately close to each other. The shear resistance along the
interface is said to be governed by the angle of friction and stress state in the disturbed
soil cylinder above the helix plate [19]. In the case of individual bearing, and since
the helices are widely spaced, it is assumed that each helix behave independently
from each other. Consequently, the tension load of the screw anchor is the summation
of the bearing resistance of all helical plates and the shaft resistance [20]. Therefore,
these methods clarify the cause of increasing in the load capacities of helical pile
when the vertical spacing ratio (S/D) was decreased as presented in Fig. 6.

5 Conclusions

The behavior of double helix pile under tension static loadingswas investigated using
experimental load tests. Double-helix piles were installed and were loaded axially in
two soil densities: soft and stiff organic soil. Uplift performance was predicted using
the axial load versus displacement readings. The points below are achieved from this
study:

1. The ultimate uplift load capacities of double helix pile are controlled by the
spacing helical plates.

2. Using more closely spaced of double-helix plates leads to a stiffer load response
and less immediate displacement in organic soils.

3. An increase in spacing ratios causes a decrease in ultimate uplift load. Further,
the increase of soil density leads to the increase in ultimate uplift load capacity
of the soil.

4. The capacity of double-helix pile is greater when the spacing ratios are within
the range of 1 and 2. In general, the capacity of piles with a spacing ratios of
1 and 2 is ranged from 1.25 to 1.77 times the capacity of piles with a spacing
ratios of 3 and 4 in both stiff and soft soils, respectively.
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Comparative Analysis of Static
and Dynamic Pile Tests at the Site
of the Astana Medical University
Hospital in Nur-Sultan, Kazakhstan

A. Zh. Zhussupbekov, A. U. Yessentayev, B. G. Abdrakhmanova,
and V. N. Kaliakin

Abstract A comparative study of the results of field tests to determine the bearing
capacity of a pile at the facility “UnitedUniversityHospital for 800 beds at theNJSC”
AstanaMedical University “is presented. The study aimed to carry out a comparative
analysis of the results of dynamic and static tests within the same construction site
to identify the difference in performance. This article provides programs and tests
with static indentation load and dynamic load on a pile in different parts of the
construction site under different soil conditions. Dynamic tests were carried out from
21 to 29 September 2020. Driving and finishing using the Junttan PM-25HD pile
driver. Static tests during the period from December 02, 2020 to January 04, 2021.
During static tests, the load on the pile was created using a 100-ton hydraulic jack
“Enerpred DU100P150” with a pumping station “Enerpac P462”, resting against a
test and loading stand, weighing 120.0 tons. The results of the comparative analysis
are the following: Dynamic tests are needed for a preliminary assessment of the
dynamic bearing capacity and the possibility of driving piles in different parts of the
construction site under different soil conditions. To adjust the pile length, adhere to
the static indentation test results. The bearing capacity of the pile, determined by
dynamic tests, is slightly lower than during static tests, the difference between the
results is 11%.

Keywords Static test · Dynamic tests · Pile · Comparative analysis · Bearing
capacity

1 Introduction

The 800-bed Astana Medical University Hospital is being constructed on the right
bank of the Esil River in the city of Nur-Sultan, Kazakhstan. The total area of the
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Fig. 1 Sketch design of the hospital building

hospital will be 140 thousand square meters. It will house a consultative and diag-
nostic center, round-the-clock and day facilities with 800 and 110 beds, respectively.
The architectural rendering of the hospital complex is shown in Fig. 1.

Based on samples taken at the site, the relatively low bearing capacity of the soil
necessitated the use of a piled foundation. To better determine the bearing capacity
of this foundation, both static and dynamic pile field tests were performed.

2 Dynamic Pile Tests

Field tests of piles in group’s C9-30 and C12-30, with dynamic applied loading, were
performed from the 21st to the 29th of September, 2020 at the hospital construction.
The piles in these groups numbered 1, 2, 3, 4, 5, 6, 7, 8, 9, 10, 11, 12, 13, 14, 15,
16, 17 were subjected to dynamic tests. Numbers 18 and 19 were immersed in the
ground to a depth of 8.5 m from the absolute elevation of the bottom of the pit (i.e.,
339.82 to 340.22 m). Additional information related to the piles is available in the
report on dynamic testing prepared by KGS Astana LLP. Driving and finishing test
piles were carried out using a Junttan PM-25HD piling rig (Fig. 2a) with an NNK-
8A hydraulic hammer with a shocking mass of 8000 kg and a headband weighing
990 kg. When driving the piles (Fig. 2b), wooden spacers were used inside the metal
head to prevent the destruction of the pile head. The drop height of the striking part
of the hammer ranged between 0.3 and 0.4 m.

The finishing of the piles, which was carried 6 to 8 days after the end of the pile
driving, consisted of two successive applications of three and five blows. Before
finishing, to accurately quantify the movement, a measuring tape with a scale of
1 mm was glued to the pile. Observation of the sinking of the piles was then carried
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Fig. 2 a Junttan PM-25HD piling rig. b Typical test pile

out using a level. Failures of piles during the finishing period ranged from 0.26 to
0.42 cm, with hammer energy of 2.4 t-m. The largest average failure load of three and
five blows was taken to determine the bearing capacity, obtained when finishing the
pile after the aforementioned “rest” period of 6 to 8 days after the end of driving [1,
2]. Table 1 summarizes the information related to the piles involved in the dynamic
tests.

The dynamic pile test results are summarized as follows:

(1) The average load-bearing capacity of test piles in group’s C9-30 and C12-30,
driven to a depth of 8.50 m at the above construction site, is 813 kN.

(2) The permissible load on the pile considers the safety factor γk = 1.4 following
paragraph 3.10. of SNiP RK 5.01.-03-2002 “Pile foundations” [3] should thus
be taken equal to 580 kN.

3 Static Pile Tests

Field tests of S10-30 driven piles with static, vertical-indentation loads were carried
out from December 02, 2020 to January 08, 2021 at the site of the main hospital
building and the parking structure Fig. 3. Additional information related to the piles
is available in the report on static testing by KGS Astana LLP. The tests were carried
out on four driven test piles C10-30 numbered 29, 40 (main building) and 62, 66
(parking structure), immersed in the ground to a depth of 9.5 m Fig. 3. Field tests
were carried out after a pile “rest” period equal to 30–60 days after driving.

In the static tests, the load was applied to the pile using a 100-ton hydraulic
jack “Enerpred DU100P150”, used in conjunction with a “Enerpac P462” pumping
station. The jack abutted against a test and loading standweighing 120.0 tons (Fig. 4).
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Fig. 3 Test pile layout plan

(b)(a)

Fig. 4 a Loading stand. b Jack with the reference system

The loadwas recordedwith a pressure gauge ofMA100VU100 typewith a graduation
rate of 20 atm (kgf/cm2) and a digital dynamometer of the “LoadCell” type connected
to the SLT2 monitoring system, capable of reading a maximum value 1000 atm
(kgf/cm2). The process is described in detail in previously published articles [4–6].

The movement of each pile was measured by two 6PAO deflection meters with a
scale division of 0.01 mm, and by four digital electronic displacement transducers of
type 027DG1, 027DG2, 027DG3, 027DG4 working in conjunction with the afore-
mentioned SLT2monitoring system. The devices that are part of the SLT2 system are
specially designed to monitor static load testing of piles following Eurocode 7. This
system provides the ability to monitor static load testing of piles at a distance of up to
25 m and allows personnel (testers) to remotely monitor behind the settlement of the
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piles and the actual load on the pile without approaching the potentially dangerous
zone of the test site structure, where the system is under high pressure and load.

The piles were tested with static, stepwise increasing loads. This consisted of five
load steps of 120 kN (80 atm), followed by a load of 60 kN (40 atm). The maximum
load for pile No. 62 was 840 kN; for piles Nos. 29, 40, and 66, the maximum load
was 960 kN. The associated displacements of the piles were 48.01, 40.14, 40.12,
40.91 mm, respectively. Each pile was unloaded in steps, with each unloading step
being observed for at least 15min. After complete unloading (to zero), observation of
the elastic displacements of the pile was carried out for 60min, with themovement of
the piles being recorded every 15 min. Table 2 and Fig. 5 summarize the information
related to the four piles involved in the static tests [7].

The static pile test results are summarized as follows:

(1) The bearing capacity of the piles test at the locations of the main hospital
building and the parking structure were 990 and 780 kN, respectively.

(2) The permissible pile load, taking into account the safety factor γk = 1.2
following clause 4.4.1.11. SPRK5.01–103-2013 “Pile foundations” [3] should
be taken equal to 750 and 650 kN for the main hospital building and parking
structure locations, respectively.

4 Conclusions

(1) Based on the results of dynamic and static tests, it is possible to determine the
permissible load for piles [8] successfully.

(2) Dynamic tests are needed for a preliminary assessment of the dynamic bearing
capacity and the possibility of driving piles in different parts of a construction
site under different soil conditions.

(3) Static indentation test results must be considered when determining the correct
pile length.

(4) The bearing capacity of the pile, determined by a dynamic test, is approximately
11% lower than during static tests.
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Fig. 5 Pile static test results
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Vertical Displacement Analysis
of Embedded Square Foundation Under
Vertical Dynamic Load

Abdulrahman Ahmed Najm, Bayar J. AL-Sulayvani,
and Mohammed N. Jaro

Abstract The aimof this research is to study the effect of embedment depth of square
foundation subjected to dynamic machine loading on the resonance displacement of
foundation. In order to validate the current theoretical method, a comparison with
the experimental investigation was conducted regarding the vertical displacement.
The foundation embedment depth ratio, which is defined as a ratio of embedment
depth to the total depth of foundation, was taken as (0, 25, 50, 75, 100) %. The foun-
dation embedment depth ratio affected the resonance displacement of the foundation
due to changing both dynamic coefficients of damping and stiffness while applying
dynamic machine loads. In addition to the embedment depth ratio of the founda-
tion, the effect of both of dimension of square foundation (2B) and dimensionless
frequency (ao) on the resonance frequency was investigated. Results showed a high
level of convergence between the current theoretical method with the experimental
investigation regarding vertical displacement. The difference of vertical displace-
ment results between the two methods ranged between (7 × 10–4 to 5 × 10–3) mm.
It was also concluded that the resonance frequency decreases with the percentage
increment of foundation embedment and dimension of square foundation and with
a decrement of the dimensionless frequency (ao).

Keywords Embedment depth · Square foundation · Resonance displacement ·
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1 Introduction

Studying the effect of embedment of foundation on displacement under dynamic
load is important from a practical point of view. It was found that there is some defi-
ciency in this direction of researches due to a little interest comparing with another
field of soil dynamics. It is clear that the soil response under machine dynamic
loads differs from that under static loads. However, the elastic half-space theory,
which is usually used during dynamic analysis of foundation vibration, assumed
that only low strain is permissible, i.e., foundation undergo low vibration amplitude
[1]. Figure 1 shows the allowable vertical amplitude for a wide range of frequen-
cies. The foundation embedment depth ratio affected the foundation displacement
due to changing both dynamic coefficients of damping and stiffness while applying
dynamic machine loads. Mohammed et al. [2] studied the effect of dynamic damping
(Cdyn.) anddynamic stiffness (Kdyn.) on themaximumvertical displacement of surface
circular rigid foundation. They concluded that the maximum displacement affected
by dynamic stiffness for low values of dimensionless frequency (ao) is affected more
by dynamic damping.

Mbawala et al. [4] conducted a series of experimental field investigations to study
the effect of embedment on square foundation subjected to vertical vibration. It was

Fig. 1 Allowable vertical
vibration amplitudes [3]
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found that increasing the embedment depth decreases the displacement and amplitude
at resonance. Khalid et al. [5] performed an experimental model to study the effect
of the depth of embedment on the amplitude of circular foundation resting on dry
sandy soil. It was found from this study that the amplitude of displacement decreases
with changing the depth of embedment from zero to 0.5B and then to B (B: footing
width). The percentage of reduction ranged between 4 to 39% at depth 0.5B and
about 37 to 77% at depth B.

2 Vertical Displacement of Square Surface Foundation

The first step toward analysis of embedded foundation includes the estimation of
vertical displacement of surface foundation, which consequently includes estimation
the vertical dynamic damping and stiffness [6].

Kdyn = η.kz (1)

kz = [2GB/(1 − υ)](0.73 + 1.54x0.75) (2)

where
K (dyn.): vertical dynamic surface stiffness.
ï: dynamic stiffness coefficient.
kz: static vertical stiffness for surface square foundation.
G: shear modulus of soil.
υ: poison’s ratio of soil.
B: half side length of square foundation.
x = Ab

4B2 for square foundation, x = 1.
Ab: foundation base area

Cdyn = λ.cz (3)

cz = 3.4r2o
1 − υ

√
ρG (4)

where
Cdyn.: vertical dynamic surface damping.
cz: Static vertical damping for surface foundation.
ro: equivalent radius for square foundation, ro = 2B√

π
.

ρ: density of the elastic material (soil).
Figure 2 shows the variation of both dynamic stiffness and damping coefficients

(ï and λ) respectively with dimensionless frequency (ao) for Poisson’s ratio υ =
0.33 and υ = 0.5. These relationships were suggested by Wu et al. [7]. AL-Obadee
[8] developed the above relationships between the dimensionless frequency (ao) and



412 A. A. Najm et al.

Fig. 2 Correlation between stiffness coefficient (a), damping coefficient (b) and dimensionless
frequency (ao) [7]

dynamic stiffness and damping coefficients to include additional values of Poisson’s
ratio (i.e., υ = 0.34, 0.35, 0.37, 0.42) as shown in Figs. 3 and 4.
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3 Effect of Square Foundation Embedment on the Vertical
Displacement

The aim of the current study is to find the convergence of the result of vertical
displacement calculated from the theoretical method with those obtained from the
experimental study conducted by Mbawala et al. [4], as mentioned before. After
verification the results with the experimental study, the current research extended
to find the effect of some parameters on the vertical displacement at the resonance
of the square embedded foundation. These parameters are dimensions of square
foundation (2B = 3, 4, 5, 6) m and dimensionless frequency (ao = 0, 0.25, 0.5, 0.75,
1.0). In an experimental study conducted by Mbawala et al. [4], a concrete footing
with dimensions of 1200 × 1200 and 1240 mm depth was cast in place. The space
between the soil and sides of the foundation was backfilled and compacted in layers
of (150 mm) each. A series of vibration tests were conducted at different levels of
embedment (i.e., 310, 620, 930, 1240 mm). A harmonic vertical force was applied
to the foundation at frequencies ranged from 10 to 100 Hz. The force amplitude was
constant at each frequency as shown in Fig. 5. Figure 6 shows the soil-foundation
model used to define vertical displacement of the foundation.

Because that the minimum value of Poisson’s ratio estimated by AL-Obadee [2]
was 0.33, while the experimental analysis for Mbawala et al. [4] conducted for υ =
0.25, the following formulas were used to calculate both of dynamic stiffness and
damping coefficients of soil as:

η = 1 − b1
(b2ao)2

1 + ((b2ao)2
− b3a2o (5)
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Fig. 5 Correlation between frequency and force for different values of embedment depth [4]

Fig. 6 Soil—foundation model

λ = b4 + b1b2
(b2ao)2

1 + ((b2ao)2
(6)

where
b1, b2, b3, b4: numerical coefficients, which depend on the Poisson’s ratio

presented in Table 1.

ao: dimensionless frequency, ao = ω ro
√

ρ

G .

ω: operating frequency (rad/sec).
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Table 1 Numerical
coefficients for vertical
stiffness and damping [8]

Coefficient Poisson’s ratio

0 0.33 0.5

b1 0.25 0.35 0

b2 1 0.8 0

b3 0 0 0.17

b4 0.85 0.75 0.85

The numerical coefficients b1, b2, b3, b4 for υ = 0.25 are easily obtained from
Table 1 by linear interpolation.After calculating the surface dynamic stiffness inEq. 1
and dynamic surface damping in Eq. 3, the effect of embedment of foundation can
be estimated by finding both dynamic embedded coefficients for stiffness (Kdyn. emb.)
and damping (Cdyn. emb.) as:

Kdyn.emb. = η.kz.emb.kemb.(ω) (7)

kz.emb. = kz. sur..[1 + (1/21)(Df/B)(1 + 1.3 x)]
[
1 + 0.2(Aw/Ab)

2/3] (8)

The dynamic stiffness Coeff. kemb. (ω) expressesd as

kemb.(ω) = 1 − 0.09(Df/B)3/4a2o (For fully embedded) (9)

kemb.(ω) = 1 + 0.09(Df/B)3/4a2o (In a trench) (10)

where
Df: total depth of foundation.
The dynamic stiffness coefficient for partial embedment can be estimated by

taking into account the two cases, i.e., fully embedment and trench embedment,
based on each value of embedment (linear interpolation) [6]. The embedded damping
estimated as:

Cdyn. emb. = Czdyn. + ρVsAw (11)

where
Cdyn. emb: embedded dynamic damping.
Cz dyn.: surface dynamic damping.

Vs.: shear wave velocity, Vs =
√

G
ρ
.

Aw: sidewall area (contact area).
For comparison the results with experimental study, maximum displacement at

any operating force and frequency calculated by [1]:
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Az = Qo

K(dyn.emb.)

√[
1 −

(
ω2

ω2
n

)]2 + 4D2 ×
(

ω2

ω2
n

) (12)

where
ω: operating frequency.
ωn: natural frequency.
D: damping ratio.
In addition to the above comparison between experimental and theoretical studies,

the current study investigates the effect of some parameters on the vertical displace-
ment at the resonance of the square embedded foundation. These parameters are
embedment depth, dimensions of square foundation, and dimensionless frequency
(ao). The resonance displacement (Az resonance) calculated by [1]:

Azresonance = Qo

K(dyn.emb.)2D
√
1 − D2

(13)

4 Results and Discussion

Figure 7. shows a comparison of displacements calculated from a current theoretical
study with those obtained from the experimental investigation. The difference of
displacement results between theoretical and experimental studies ranged between
(
(
7 × 10−4 to 5 × 10−3

)
mm. This convergence between the two studies gives big

reliability for using the theoretical method to analyze displacement of embedded

0

0.005

0.01

0.015

0.02

0% 25% 50% 75% 100% 125%

A
z 

(m
m

)

Embedment depth

Experimental
Theoretical current study

Fig. 7 Comparison of displacements between theoretical study and experimental investigation



Vertical Displacement Analysis of Embedded Square … 417

0.1

0.15

0.2

0.25

0.3

0.35

0.4

0.45

0% 25% 50% 75% 100%

R
es

on
an

t d
is

pl
ac

em
en

t (
m

m
)

Embedment depth

2B = 3 m

2B = 4 m

2B = 5 m

2B = 6 m

Fig. 8 Maximum resonance displacement of square foundation versus percentage of embedment
(for ao = 0.25)

0.1

0.2

0.3

0.4

0.5

0.6

0.7

0% 25% 50% 75% 100%

R
es

on
an

t d
is

pl
ac

em
en

t (
m

m
)

Embedment depth

2B = 3 m
2B = 4 m
2B = 5 m
2B = 6 m

Fig. 9 Maximum resonance displacement of square foundation versus percentage of embedment
(for ao = 0.5)

square foundation. During studying the effect of each of embedment depth, dimen-
sions of foundation, and dimensionless frequency (ao) on the resonance displace-
ment, it assumed that the soil has a density of (1900 kg/m3), shear modulus G of
(30,000 kPa), Poisson’s ratio υ of (0.37), the amplitude of the exciting force Qo equal
to (100 kN) and foundation depth equal to (2 m).
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Figures 8, 9, 10 and 11 show the correlation between the maximum resonant
displacement of square foundation and percentage of embedment for dimension-
less frequency (ao = 0.25–1.0), respectively. It can be seen that the maximum reso-
nance displacement decreases with increasing the percentage of embedment and then
increases. In general, the lower values of resonant displacement occur percentage
of embedment ranged between (25–75) % for all values of dimensionless frequency
(ao) and for all values of dimensions of foundation. It can also be seen from these
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Fig. 12 Maximum resonance displacement of square foundation versus percentage of embedment
(for 2B = 3 m)

Figures that the resonant displacement decreases with increasing the dimensions of
the square foundation. There is some inconsistent behavior that can be noted in reso-
nance displacement, especially for the large dimension of foundation (2B = 6 m),
the high value of dimensionless frequency (ao), and for a percentage of embedment
depth more than (80%). This behavior is due to the reduction in dynamic soil stiff-
ness (Kdyn.). Referring to Eqs. 9 and 10, it can be clearly noted that the dynamic
stiffness coefficient (kemb.) decreases with increasing embedment depth and dimen-
sionless frequency (ao) (for fully embedment, Eq. 9. In other words, with increasing
embedment depth and dimensionless frequency, the effect of full embedment Eq. 9
becomes more than the effect of in trench (Eq. 10). As a result, dynamic soil stiffness
decreases. The effect of dimensionless frequency (ao) on the resonant displacement
is illustrated in Figs. 12, 13, 14 and 15, for (2B = 3–6 m) respectively. The resonant
displacement decreases with decreasing of dimensionless frequency (ao), and this
decrement was a low percentage of embedment, less than 25%. The inconsistent
behavior, which has been mentioned above, can also be seen in Fig. 15 for (2B =
6 m, ao = 1.0) with an embedment ratio of more than 80%.

5 Conclusions

• The comparison of displacement results between experimental investigation
conducted by Mbawala [4] and the current theoretical method showed a big
convergence. Based on this convergence, the theoretical method can be used to
analyze the displacement of the embedded square foundation.
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• The resonance displacement decreases with increasing both of percentage of
embedment and dimension of square foundation.

• In general, the resonance displacement decreases with decreasing of the dimen-
sionless frequency (ao). The decrement was little for embedment ratio up to
25%.
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Investigation of Laterally Loaded Pile
Response and CohesionLess Soil
Deformation Pattern Using PIV
Technique

Mohammed A. Al-Neami, Mohammed H. Al-Dahlaki, and Aya H. Al-Majidy

Abstract Several high-rise buildings, transmission towers, retaining structured,
bridges are braced by piles foundation. These buildings tolerate axial load and
succumb to large lateral loads, source from quakes, slope failure, and vehement
winds. So, the lateral bearing capacity of the pile is essential for the structure of deep
basics. This study gives the outcomes from three models for a single pile embedded
in medium dense, dry sand to determine the effect of slenderness ratio (L/D) on
the response of the lateral load pile and on the adjacent soil deformation, joined
with parallel and perpendicular displacement fields measured using a particle image
velocimetry (PIV) technology. The results for this study illustrate that the embedment
ratio (L/D) is an essential parameter that has an effect on the ultimate lateral load.
It shows that when the embedment ratio (L/D) increased, the ultimate lateral load
is also increased. It is found that the ultimate lateral load increased by 16.7% and
28.6% when L/D increased to 25 and 30, respectively, compared to L/D = 20. The
pile deformation due to the lateral load is influenced by pile slenderness ratio (L/D)
andmagnitude of the applied lateral load and depending on these two parameters, the
deflection values altered to positive and passed over zero. The digital image analysis
(PIV) shows that the profile effect region and the displacement fields are increased
as a lateral load increased. It is observed that the sand close to the ground surface
behind the pile travels downward while it moves upward in front of the pile. In this
research, a numerical study is done by the PLAXIS 3D analyses and compares the
numerical study and experimental work on the load–deflection curve of a single pile.
The result of the numerical analyses is in good alignment with those found from the
laboratory work for all the (L/D) ratios.
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Keywords PIV technique · Laterally loaded pile · Deflection · Slenderness ratio

1 Introduction

Most of the studies around the lateral load piles were done by fastening strain gages
on the pile to measure the deflection of pile, the lateral bearing capacity, and soil
resistance generated by the pile [1]. It is noteworthy that the activity of the later-
ally loaded pile depends on the reaction of the soil and vice versa. To examine
the movement of the soil around the pile, a few model tests were used. Of these,
X-ray computed tomography (CT) was used by Otani et al. [2] to examine three-
dimensional sand deformation around a laterally loaded pile. This technique has
limited use in geotechnical engineering because of the high cost of CT scanners, but
with the advent of digital image processing, geotechnical engineering has used an
inexpensive, precise, and complete field image correlation technique, called “particle
image velocimetry” (PIV). This research introduces the results for three scale-model
tests of plie with different (L/D) ratios embedded in medium-dense dry sand to locate
the effects of embedment ratio (L/D) ratio on the behavior of single piles subjected to
lateral loading which include the variation of the load increment and lateral displace-
ment of test at pile caps, lateral displacement along the pile shaft, both vertical and
horizontal displacements area around piles due to lateral load movements using the
particle image velocimetry (PIV) technique. In addition, a numerical analysis using
PLAXIS 3D program is performed for single piles at different (L/D) ratios and the
obtained results from numerical analysis are compared with laboratory work. The
analyses are carried out in order to produce more understanding of piles behavior
embedded in medium-dense sand at progressively moving load at the pile head.

2 Particle Image Velocimetry Technique

In an optical method to measure instantaneous flow displacement vectors by tracking
seeded particle movement. It was initially applied in the field of dynamics of experi-
mental fluids. In other areas, the PIV technique was known by different names, such
as digital image correlation (DIC), surface displacement calculation, and computer
vision. The PIV approach was used to obtain two-dimensional (2D) displacement
fields by correlating two consecutive images. Because of its simple implementation,
PIV had been used in several fields since its first application published in 1980s.
PIV is currently used in numerous disciplines, including biology, geotechnical engi-
neering, and aerospace engineering.Nowadays, image processing and analysis of soil
deformation measurements have become powerful tools with the progress of tech-
nology. The deformationmeasurement system is based on particle image velocimetry
(PIV) and has been developed for use in geotechnical testing and observation of soil
behavior in the physical modeling of geotechnical constructions [3].
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Equipment Used in PIVTechnique. The seeding particles are part of the PIVmech-
anism that is fundamentally critical, so it is one of the essential things in the (PIV)
technique the presence of colorful targets that move with the soil matrix movement
to be tracked by taking sequential pictures and to get 20% of the original soil quantity
used in the models was tinted using the black ink and then mixed well with whole
soil required to fill the box using mechanical mixing. To perform PIV analysis, a
high-resolution camera system is needed to capture multiple frames at pre-chosen
speeds and then transfer them to the computer for further analysis. The camera used
in this research is Nikon camera (D5200) which is a digital SLR camera with a high
resolution 6000 × 4000 (effective megapixels 24.1).

3 Experimental Work

Index Properties of Soil. A material utilized as a foundation soil for this study is
poorly graded sand (SP). Several tests are done as stated by the standard specification
to explain and classify both mechanical and physical characteristics of the dry sand
utilized in this research. The relative density of sand used is themediumdense density
which represents 60%. Table 1 lists the information about the soil.

The Experimental Box and Pile Model. An experimental system consists of a
rectangular test box that has a width of 750 mm, a height of 740 mm, and a depth

Table 1 Properties of the
sand used in the experimental
models

Test Result value Specifications

Active sizes: D10,
D30, D50, D60 (mm)

0.18, 0.3, 0.4, 0.46 ASTM D 422 and
ASTM D 2487 [4,
5]

Coefficient of
uniformity, Cu

2.5 ASTM D 422 and
ASTM D 2487 [4,
5]

Coefficient of
curvature, Cc

1.087 ASTM D 422 and
ASTM D 2487 [4,
5]

Specific gravity, Gs 2.67 ASTM D 854 [6]

Maximum dry unit
weight, (kN/m3)

17.54 ASTM D 4254 [7]

Minimum dry unit
weight, (kN/m3)

15.2 ASTM D 4253 [8]

Maximum void ratio 0.49 …

Minimum void ratio 0.72 …

Relative density, RD 60 …

Friction angle (°) 38 ASTM D3080 [9]
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of 250 mm. The base and two sides of the box were constructed of 6 mm thick
steel plate, and one side is made from wood. In contrast, the front side of the box is a
Perspex sheetwith 18mmthickness that acted as a viewingwindow for displacements
measurement, as shown in Fig. 1. The pilemodel employed in this research is a square
hollow aluminum pile with closed ends, with 20 mm diameter. The Pile models are
manufactured with three different ratios of length to diameter (L/D) (20, 25, and 30).

Horizontal Drive System. The lateral loading structure consists of the electrically
controlled straight hydraulic jack and bolt steel shaft joined together to exert a hori-
zontal load added from one side to the load cell, which linked to a weighing indicator
for the object of reading the load that applied from the hydraulic jack. In contrast,
the other adjacent of the weight cell is attached to a steel rod that acts as the same as
a permeation cone to impose point load on the cap of the pile. The horizontal jack
apparatus be composed of a cylinder, control device, and electric jack. The control
device is utilized to alter the frequency value (0.5 Hz), which equals the speed of
2.5 mm/min. This apparatus is collected and manufactured by Elway [10]. After the
piles were installed and the sand bed had been prepared, and the dial gauges were
attached to the pile cap to read the lateral displacement. The camera was prepared
in a suitable place to take the photo then the lateral system is being worked. The
AC motor is switched on to move the hydraulic jack according to appropriate work.
When the lateral dial gauge reading reaches 20mmdisplacement reading, the loading
is stopped, and the test is ended. The lateral loading system is shown in Fig. 2.

Fig. 1 Front view of the
experimental box
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Fig. 2 The lateral loading system

4 Model Test Results

Effect of the EmbeddedRatio (L/D) on the Load-Deflection Curve of Single Pile.
In order to clarify the effect of embedded ratio (L/D) on the horizontal displacement
that occurred at the pile head, three ratios are tested (20, 25, and 30). Figure 3 shows
the relation of the capacity of lateral load and horizontal movement produced at the
single pile. These values present a measurement at the pile head. It can be seen that
in single piles, when (L/D) ratio increased, the values of lateral load increased, and
this may be attributed to the increase in soil resistance thrust due to an increase in
the skin friction area resulted during the soil movement between the pile shafts and
surrounding soil to resist the applied lateral load.

The methods used in this research to interpret the test data from lateral load tests
and to determine the failure load are differing liable on the acceptable movement of
the structure supported by the piles. In general, the acceptance criteria to evaluate
the ultimate lateral load is the lower of the following two methods:
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Table 2 Summary of the observed and interpreted ultimate lateral load for a single pile

Embedded
length of
pile (mm)

Slenderness
ratio [L/D]

Observed
pile lateral
load at test
end (Pf),
(N)

Interpreted ultimate pile
lateral load Hu (N)

Adopted
ultimate
lateral
load (N)

% of
increasing
lateral load
compared
with L/D =
20

Intersection
method

Load at 6.25
displacement

400 20 414 228 210 210 –

500 25 555 250 245 245 16.67

600 30 582 272 270 270 28.57

• A failure load at the point of intersection of tangents on the load-movement curve,
and

• A failure load is taken at (6.25 mm) lateral displacement or deformation (Table
2).

Lateral Displacement along with Pile Shaft of Single Piles. The horizontal
displacement along the pile shaft for various lateral load levels is determined by
analyzing the images taken for each test. It is worth mentioning that each image is
analyzed corresponding to the closest value of the predicted ultimate lateral load and
two images before and after it and for the image at the test end (i.e., at 20 mm lateral
pile head displacement). However, the time between the selected images is 40 s in
general. Figure 4 shows the displacement and the pile for (L/D) ratio (20, 25, and
30), respectively. It is clear that the lateral deflection along the pile shaft is perma-
nently in the direction of lateral load. Based on the slenderness ratio and magnitude
of the applied lateral load, the deflection value is altered to the positive and passed by
zero. However, at any load level and for all slenderness ratios, the maximum lateral
deflections occurred at piles top and then decreased gradually to zero. Figure 4a, b,
which represents the results for the short pile, shows that as lateral load increased,
the body of the pile is inclined to turn about the inflection point and produces a minor
negative deflection (i.e., deflection in the opposite direction of lateral load) nearby
to the pile base. The maximum negative deflection occurred precisely in the base of
the pile.

However, in Fig. 4c, which represents the long pile results, there is no pile rotation,
and the base deflection is always zero. Furthermore, it is noticed that for the prescribed
displacement, which equals pile diameter at pile head (i.e., 20 mm), the deflection
point (measured from the pile base) for piles with (L/D) = 20 and 25 are found
to be about 2.5 D and 6 D respectively. However, a pile with (L/D) = 30 has a
fixation point, where all lateral displacement along the pile shaft are positive values
decreased to zero at about 11 D from the pile base. It is found that the location of
inflection points concerning pile base (for short piles) and point of fixity (for long
piles) depends not only on slenderness ratio but also on lateral load level, where it
increases as slenderness ratio and lateral load level increases and vice versa. This
behavior may be attributed to the increase in confining pressure around the pile shaft,
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Fig. 4 Lateral displacement along pile with (L/D) = 20, 25, 30 respectively

which restricts the lateral deflection of the pile shaft near the base. Soil confining
pressure increased as the embedment depth of the pile for the same pile diameter
increased. Accordingly, for low lateral load level, the confining pressure consumes
a large portion of applied lateral load resulting in zero lateral displacements at the
pile base.

Investigation of Lateral Load Single Pile Response and Soil Deformation
Patterns Via Particle Image Velocity Method (PIV). To investigate the defor-
mation of soil around the pile when subjected to lateral load particle image velocity
technique (PIV), it had been used for this purpose. (PIV) the system is used to
calculate the sand displacement field around a pile subjected to the lateral load, soil
displacement field’s visualizations offer a better understanding of the lateral load
soil-pile interaction. Fan and Long [11] stated that most of the researches concen-
trates on the capacities and deflection of piles subjected to lateral load. In contrast,
limited data is available on soil displacements about the piles due to the nonlinear,
complicated soil-pile interaction. To clarify the effect of embedded ratio (L/D) on
the lateral vectorial displacement of both vertical and horizontal displacement fields,
three ratios are tested (20, 21, and 30). Figures 5, 6 and 7 show the analysis of the
digital image series that corresponds to ultimate lateral load (Hu) for (L/D)= 20, 25,
and 30, respectively. These figures display the displacement vectors at the profile and
horizontal, vertical, and resultant contour surface fields around the pile. In general,
the effect region and the displacement fields are increased as lateral load increased.



430 M. A. Al-Neami et al.

Fig. 5 Vertical contours of displacement fields with (L/D) ratio= 20, Hu= 210N and CF= 15.8%

In addition, it is observed that the sand neighboring the ground level behind the pile
moves downward while it moves upward in front of the pile. The same observation
is obtained by Hajialilue-Bonab et al. [12].

Comparison on the Load-Deflection Curve of Single Pile. To equate the findings
obtained from the experimental test with 3D-FEManalyses, the PLAXIS 3D analysis
was conducted. Figure 8a–c show the comparison of the load–deflection curves of
a single pile with L/D ratio equal to 20, 25, and 30, respectively, obtained from the
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Fig. 6 Vertical contours of displacement fields with (L/D) ratio= 25, Hu= 245N and CF= 22.5%

experimental work 3D-FEM analyses. It can be seen from Fig. 8a–c that the result
of the PLAXIS 3D numerical analyses was in good alignment with those from the
experimental work.

5 Conclusions

(1) The relation between the horizontal load and generated displacement is
nonlinear behavior for all tested models.
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Fig. 7 Vertical and contours of displacement fields with (L/D) = 30, Hu = 270 N and CF =
26.8%. a Vertical displacement, b horizontal displacement, c vertical displacement, d resultant
displacement

(2) Increasing the embedment ratio (L/D) for a single pile causes an increase in
the ultimate lateral load. The ultimate lateral load increases by 16.7 and 28.6%
when L/D increased to 25 and 30, respectively, compared to L/D = 20.

(3) Deflection values for single piles were altered to positive and permit over zero
depending on the slenderness relation and magnitude of the applied lateral
load. However, at any load level and for all slenderness ratios, the maximum
lateral deflections occurred at piles top and then decreased gradually to zero. In
short pile (slenderness ratio (L/D)= 20, and 25), the lateral load increased, and
the body of the pile be inclined to turn about the inflection point and produces
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a minor negative deflection (i.e., deflection in the opposite direction of lateral
load) close to the pile base. The maximum negative deflection exactly occurs
at the base of a pile. However, for the long pile (slenderness ratio (L/D) =
30), pile rotation is not happened and the base deflection is always zero. The
deflection point (measured from the pile base) for piles with (L/D) = 20 and
25 are found to be about 2.5 D and 6 D, respectively. However, a pile with
(L/D) = 30 has a fixation point, where all lateral displacement along the pile
shaft are positive values decreased to zero at about 11 D from the pile base.

(4) The digital image analysis for laterally loaded single pile using particle image
velocimetry (PIV) technique and corresponding to ultimate lateral load (Hu)
shows that the profile influenced zone and the displacement fields are increased
as lateral loads increased. Also, the sand neighboring the ground level behind
the pile moves downward while it moves upward in front of the pile.

(5) The PLAXIS 3D analyses computed the load–deflection curve of a single pile
show that a good agreement of results can be achieved between the numerical
studies by PLAXIS 3D and those obtained from the experimental work for all
the (L/D) ratio.
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An Experimental Investigation
the Response of Pile Groups to Inclined
Cyclic Loading in Sandy Soil

Reyah D. Khurshed and Jasim M. Abbas

Abstract In general, inclined cyclic loads applied on the pile foundation are not
covered enough in previous studies. Therefore, this paper included a laboratorymodel
on pile groups in sandy soil subjected to inclined cyclic loading in two directions. The
angle of inclination that selected in this work is 45 degree. The tests are conducted
on 2 × 2, 2 × 3, and 3 × 2 pile groups with aluminum hollow piles. Besides, the
raining technique is used to organize the layer of sandy soil. It can be concluded that
the group 2× 2 is more sensitive than another group in the case of an inclined cyclic
load. In this case, the lateral resistance of group 2 × 2 decreases from 32 to 55%
from another group when used to s/d = 3, and the results showed that the reduction
in bearing capacity of soil in group 2 × 3 about 27.3, 37, and 39.4% from group 3
× 2 for s/d = 3, 5, and 7, respectively.

Keywords Inclined loading · Pile group · Lateral deflection

1 Introduction

Deep foundations (i.e., piles and pile groups) are widely benefited to support many
structures constructed on weak or soft soils. In general, most piles are exposed to
both lateral and vertical loads as well as dynamic loading, which sometimes occurs
together [1]. The source of the loadings may be caused by traffic, seasons, tide,
currents, waves, wind, earthquakes, ice sheets, blasting operations, plant operations,
or rotatorymachinery [2]. The vertical and horizontal reactions of piles are commonly
estimated alone, not including taking into consideration their potential connections
[3]. The horizontal load ability of the pile groups is reliant on the source of loading,
the space between the piles, in addition, the nature of the soil, and other factors [4].
Several previous studies using FEM and laboratory models have been taken into
explanation the effect of cyclic loading on the lateral pile foundation performance.
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Some researchers use a three-dimensional (3D) finite-element technique to exam-
ining the developed for the dynamic investigation of pile media and pile groups
[5]. Additional researches use a (3D) finite element method is worked to analyze
the reaction of (R.C) flexible piles to inclined loads. This study concluded that the
load inclination is influenced significantly by together the stiffness with the bearing
capacity of the soil-pile system [6].

Furthermore, investigational research on 2× 2 typical pile groups fixed in various
kinds of clay soil, the relative density of 90 and 10%, exposed to one-way lateral
cyclic loading. It is discovered that the amount of the head level deflections and the
maximum bending moment bigger with an increase in the number of loading cycles
[7]. Other research included the performance of a single pile exposed to varying
static inclined load until failure; from this work, it can be concluded that the inclined
load is a large effect on pile group performance [8]. Also, some experimental studies
under combined loads (i.e., instantaneous lateral and vertical load). In this case, the
influence of the growth in the number of cycles on the horizontal displacement of
piles under simultaneous loads is a lesser amount than after piles are exposed to only
cyclic horizontal load [9]. And others investigated the lateral behavior of micropile
under inclined compressive load in sandy soil. It is found that the lateral capacity of
the micropile group appears to increase with the increase of the L/D ratio [10].

Lateral displacement decreases when pile spacing increases in the case of deflec-
tion, the difference attributable to pile spacing can be seen in all piles and rows,
which is due to the effect of overlap between the soil and the piles in the group [11].
At the first cycles cause the lateral resistance of the pile group will decrease, and
when an increasing number of cycles the deflection of the group became constant
almost due to the densification of the soil [12].

Therefore, as there are limited experimental studies available on the behavior of
pile groups in sandy soil exposed to inclined cyclic lateral loading. In this paper, an
effort has been required to study the experimental behavior of pile groups model pile
exposed to inclined load at the angle of 45% in the same magnitude in a two-way
direction and studying the effects of soil on the pile. Three model pile groups 2× 2, 2
× 3, and 3× 2 were embedded in sandy soils and examined under two-way inclined
cyclic lateral load to learn the influences of a number of cycles on load–deflection,
the effect of cyclic load ratio (CLR), and the effect of spacing between piles.

2 Materials Used and Experimental Testing Program

Soil. The sandy soil used is collected from Karbala Governorate in the middle of
Iraq. The sand properties represented as shown in Table 1.

Pile and Pile Cap. Aluminum hollow piles as a circular cross-section at 16 mm
diameter in groups 2 × 2, 2 × 3, and 3 × 2 models as shown in Fig. 1. The L/D is
equal to 40 in a group where’s the space in the direction of loading is different (i.e.,



An Experimental Investigation the Response of Pile Groups … 437

Table1 Physical properties
of sandy soil

Property Value

Specific gravity, Gs 2.67

Angle of internal friction, ϕ (°) 35.5

Cohesion, c (kPa) 0

Maximum dry unit weight, γdmax (kN/m3) 17

Minimum dry unit weight, γdmin (kN/m3) 15.3

Dry unit weight, γd (kN/m3) 16.5

Relative density, Dr (%) 70

Fig. 1 Pile group configuration

s/d = 3, 5, and 7). The pile cap is in at the top of piles, leaving 50 mm above the
ground surface as a freestanding length for the group.

Test Setup. The laboratory tests system is used for applying inclined cyclic lateral
loading at angle 45 degrees on pile groups is shown in Fig. 2. In this case, the inclined
lateral cyclic loading experiments on model piles group fixed in dry sand inside steel
testing container of dimensions (1 × 1 × 1) m.

Lateral inclined cyclic loading is applied to the cap of pile groups. Piles head
deflection in-group is measured by using a type of inductively Linear Variable
Displacement Transducers (LVDTs). An automatic timer is using to controller the
period of loading. A raining technique machine is designed to achieve a uniform soil
layer and the required relative density Dr of 70%. The capacity of the static lateral
load is taking as the load equivalent to the deflection of 3.2 mm (20% diameter of the
pile) as recommended by Broom’s theory [13]. Which in turn, is necessary to deter-
mine the amount of two-way symmetric cyclic lateral loading, which is exposed on
pile groups under different cyclic load ratios, CLR of 0.4, 0.6, and 0.8, the frequency
used is 0.2 Hz. The period of the cyclic load is constant to 5 s. At the same time, the
cyclic load is continued while waiting for 100 cycles in all the tests.
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Fig. 2 Laboratory model system of the inclined cyclic loading device

3 Results and Discussion

Influence of Cycles Number of Loading on Lateral Resistance. Figures 3, 4 and
5 represent a group of piles 2× 2, 3× 2 and 2× 3 respectively under inclined cyclic
load at three values of s/d (i.e., 3, 5, and 7); the cycles number used in this study
are 1, 5, 25, 50, and 100 to represent the different cases of cyclic loading in natural
phenomena. These figures show that lateral deflection increases extensively together
with the increase in cycle number of loading, and this reaches 50% from the lower
to the upper limit of a number of cycles. This means the lower number is not risky
compare with a high number, and this should take into account in the analysis and
design for such kind of foundation. Additionally, for s/d = 3, the lateral deflection
usually is greater than in wide spacing; this is due to the short distance between the
piles that causes overlap stresses. This is attributing to the growth of the gap at the
soil–pile line wherever the stress attention happens. For another comparison, it can
seem that the pile group 3× 2 is safer against inclined loading compared with group
2 × 3, the decrease in lateral resisting of group 2 × 3 about 27.3, 37, and 39.4%
from group 3 × 2 for s/d = 3, 5, and 7 respectively.

Influence of Cycles LoadRatio CLR onDeflection of pile groups. Figures 7, 8 and
9 showing that the lateral deflection of all pile groups with CLR= 0.2, 0.4, 0.6, and
0.8 at frequency 0.2 Hz. The result indicates the group (2 × 2) decreases in lateral
resistance from 35 to 55% compared with other groups for all spacing. In addition,
the lateral resistance of group 2 × 3 is less than in group 3 × 2 with 15.7, 21, and
19.5% for all spacing. The deflection of pile groups generally increases progressively
with the increased number of cycles, the deflection rising quickly in the first cycles;
this is attributable to the decrease of passive resistance and the degradation in the
pile-soil interactive performance and the number of cycles when reaching about [14].

Influence of Spacing on Lateral Resistance. It has been observed from Fig. 10 that
piles at close spacing (i.e., s/d= 3) deflect extra than the other spacing. This behavior
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Fig. 3 Influence of number
of cycles on the
load–deflection curve of
piled groups model under
inclined cyclic load 2 × 2
group: a s/d = 3, b s/d = 5
and c s/d = 7
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Fig. 4 Influence of number
of cycles on the
load–deflection curve of
piled groups model under
inclined cyclic load 3 × 2
group: a s/d = 3, b s/d = 5
and c s/d = 7
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Fig. 5 Influence of number of cycles on the load–deflection curve of piled groups model under
inclined cyclic load 2 × 3 group: a s/d = 3, b s/d = 5 and c s/d = 7

Fig. 6 Deformation around piles due to closed spacing (s/d = 3)
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Fig. 7 Influence of cyclic
load ratio (CLR) on the
lateral deflection of pile
group 2 × 2 under inclined
cyclic load: a s/d = 3, b s/d
= 5 and c s/d = 7
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Fig. 8 Influence of cyclic
load ratio (CLR) on the
lateral deflection of pile
group 3 × 2 under inclined
cyclic load: a s/d = 3, b s/d
= 5 and c s/d = 7
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Fig. 9 Influence of cyclic load ratio (CLR) on the lateral deflection of pile group 2 × 3 under
inclined cyclic load: a s/d = 3, b s/d = 5 and c s/d = 7
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Fig. 10 Lateral displacement for three groups at different spacing

is attributed to overlapping stresses zone of passive and active wedges. The result
also shows the middle row exhibit less lateral resistance and leads to weakening
the group. Group interaction consequences become less substantial as the spacing
between 5 and 7. The difference becomes less important with the increase in pile
spacing due to the decrease of the shadowing. Besides, the movement of the piles
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placed in the first row (leading) in the direction of the applied force is resisted by the
soil in front of it. In contrast, the piles in the rows behind the first row (the piles in
the trailing rows) pushed on the soil, which in turn pushed on the piles in the rows
in front of them [15].

4 Conclusions

Comparison of the test effects and theoretical estimations shows largely good accord.
When the applied load on pile groups as an inclined cyclic load, this would lead the
load applying divided into two components, axial and horizontal. The axial compo-
nent is working as the vertical load on the pile groups, and causing the increase of
the stiffness of the pile and decreasing the lateral deflection in the soil in front of the
pile and no uplifting in pile groups observed due to cyclic loading. This is attributed
to the axial component effect. In the case of the influence of the number of cyclic,
group 2 × 2 is more affected lateral deflection more than another group with about
50%. For rectangular configuration, the lateral resistance of group 2 × 3 less than
from group 3× 2 with about 27.3, 37, and 39.4% for s/d= 3, 5, and 7, respectively.

• Furthermore, the cyclic load ratio CLR is more influence on the 2 × 2 group and
then decreases in lateral resistance from 35 to 55% compering with another group.
Also, lateral resistance of group 2 × 3 is less than in group 3 × 2 with 15.7, 21,
and 19.5% for s/d = 3, 5, and 7.

• Additionally, s/d = 3 deflect extra than the other spacing; this is due to over lab
stress between the piles, and the group interaction effect becomes less significant
as the spacing between 5 and 7. These results well agreed with the study presented
in references [8, 11, 12].
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Numerical Modeling of Under Reamed
Piles Behavior Under Dynamic Loading
in Sandy Soil

Ahmed M. Najemalden, Mustafa M. Jasim, and Ansam A. Al-Karawi

Abstract Under-reamedpiles definedbyhavingoneormore bulbs have the potential
for sizeable major sides over conventional straight-sided piles, most of the studies on
under-reamed piles have been conducted on the experimental side, while theoretical
studies, such as the finite elementmethod, have beenmainly confined to conventional
straight-sided piles. On the other hand, although several laboratory and experimental
studies have been conducted to study the behavior of under-reamed piles, few numer-
ical studies have been carried out to simulate the piles’ performance. In addition, there
is no research to compare and evaluate the behavior of these piles under dynamic
loading. Therefore, this study aimed to numerically investigate bearing capacity and
settlement of under-reamed piles compared with uniform pile sections by sinusoidal
excitationmachines foundation. Different geometrical under-reamed piles single and
double bulbs compared with uniform pile using finite element method, PLAXIS 3D
software. The result showed that uniform pile fizzles out to support the total load
and the final settlement was 4.97 cm. Single under-reamed pile S.U.P and double
under-reamed pile D.U.P can be reduced final settlement 76% and 81% respectively.

Keywords Finite element · PLAXIS · Under-reamed pile · Dynamic load · Sandy
soil
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1 Introduction

Under-reamed piles are bored cast in situ concrete piles with one or more enlarge-
ments (ream, bulb) near base and pile stems. These reams are increasing both fric-
tion and bearing surface and capacity of the pile in compressive loading [1, 2]. So,
these types of piles are effectively used in tower foundations, electrical transmis-
sion, bridges, and machine foundations. Several researchers have used numerical
analysis to study different aspects of under-reamed piles with or without experi-
mental verifications depending on their research targets. Researchers have employed
three sophisticated and powerful programs in their analysis as Abaqus, PLAXIS,
and ANSYS; two types of analysis (2D and 3D) are also dependent. However, many
different parameters are considered in their studies, such as type of soil, layered soil,
horizontal displacement, and bearing capacity of piles. Singh [3] study the behavior
of a free vertical cast in situ reinforced concrete under-reamed pile which is exposed
to horizontal dynamic; it was concluded that both shear strain and the extreme hori-
zontal displacement increase with increasing the excitation force level at the ground
position. In addition, another experimental field study associated with numerical
analysis has been executed on under-reamed piles made of concrete in a silty sand
deposit [4].

The experimental programhas includedfixing anoscillatormotor on the pile cap to
produce horizontal dynamic forces of purely sinusoidal type. The numerical program
contained using Abaqus software to simulate the field tests of the horizontal dynamic
load on the pile, as shown in Fig. 1. It was mainly concluded that the measured
strain at the ground, middle and bottom level has increased with increasing the
eccentricity, and the numerical results, agreedwellwith the field experimental results.
Farokhi et al. [5] evaluated the performance of half and full bulbs under-reamed piles
numerically. Then, the results have been compared with the conventional piles for the

Fig. 1 Loading and
boundary condition [4]
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Fig. 2 Elements types used and 3D meshing in Plaxis 3D foundation software together with
modeled piles [5]

same volume and length in clayey soils, as shown in Fig. 2. To maintain the goal of
the study, PLAXIS 3D has been usedwhere the diagrams of the bearing capacity have
been evaluated and compared. It was shown that the half-bulb under-reamed piles had
greater ultimate compressive and tensile bearing capacity with lower displacements,
Fig. 3. In addition, it was determined that the under-reamed piles had lower uplift
and higher tensile bearing capacity in contrast with the conventional piles, which
have the same length and volume.

A combined research program consisted of both experimental and numerical
studies has been implemented in under-reamed piles, different geometries, and
embedment tested under the effect of various horizontal and vertical excitations was
considered [6]. The soil condition involved three soil layers with different depths,
the top soil layer was silty sand up to 4.0 m, the middle soil layer was clayey soil
with a thickness of 2.0 m, and the bottom soil layer was silty-sand with a thickness of
3.0 m. However, the numerical inspection included using a three-dimensional finite
element program through ANSYS software; the pile-soil model is shown in Fig. 4,
where the program inputs have been obtained from the experimental results.

The study has shown a good agreement between experimental and numerical
results in terms of natural frequency and displacement amplitude of the pile-soil

Fig. 3 Compressive
load-settlement diagram of
half-bulb and full-bulb
under-reamed piles and
uniform cross-section pile of
the same volume (L/d = 12)
[5]
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Fig. 4 3-D Pile-Soil Model with 5 m-2 bulb pile [6]

system. In addition, a numerical study was conducted on both bored and under-
reamed piles in clayey soil to analyze the failure configuration under the effect of
axial load using Plaxis three-dimensional software, where theMohr–Coulombmodel
has been adopted [7]. It was concluded that the load capacity had increased by 119%
and 102% for tensile and compressive loadings, respectively, when single under-
reamed piles were used in comparison with bored piles whereas these values have
increased to 204% and 180%, respectively for double under-reamed piles. The study
has also recommended that the under-reamed piles are more effective in cohesive
soil when the ground has sufficient stability to support itself throughout the cavity
development. Furthermore, a numerical effort has been made to study the impact of
under-reamed friction pile on the displacement conduct of four-story building under
the effect of earthquake loading using ANSYS program Figs. 5 and 6 [8]. It was
concluded that the total displacement was decreased as the footing was used with
the under-reamed piles, and the dynamic response of the structure can be changed
when the footing was used with the under-reamed piles.

Fig. 5 Geometry of frame
and foundations [8]
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Fig. 6 Geometry of soil and
frame [8]

2 Numerical Model

This research’s main objective is to use a 3-Dimensional model, which has been
created in PLAXIS 3D software in the analysis of machine foundation with sinu-
soidal excitation load. Three cases were studied, uniform pile, single under-reamed
pile (S.U.P) and double under-reamed pile (D.U.P), and the diameter of reamed (Dr)
equal to double of pile stem. The analytical has been supported by 10-noded tetra-
hedral elements to idealize both the under-reamed pile and soil. Moreover, a plate
element (used for modeling 2D structures) with a 6-node triangular element is used
for modeling pile cap. The interface elements between pile and soil are composed of
12-node for the interface. The linear elastic model is considered for under-reamed
pile, while the Elastic–Plastic model is invoked for soil nonlinearity. The absorbent
boundary should be used to ensure that the waves do not be rebound. Similarly,
ground surfaces were free to move in all directions Fig. 7, and the finite element
mesh of the under-reamed pile interfaces in the present study is shown in Fig. 8.

Fig. 7 Finite element model
using PLAXIS 3D (2013)
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Fig. 8 Finite element mesh
of pile

The system subjected to both machine gravity load and vertical dynamic load
as a part of the gravity load. However, the machine assembly was fixed on the pile
cap then to free standing pile. The reference project chosen for this study was the
diesel power plant in Baghdad, shown in Fig. 9, and Table 1 lists the properties of the
programming input. Three cases were studied: uniform pile (S.U.P), and (D.U.P) to
study the ream effect on the time-settlement under dynamic loading.

Fig. 9 Diesel generator engine
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Table 1 The input properties of the soil, pile and cap

Material Dimensions
m

E
kPa

γ

kN/m3
ν c

kPa
ϕ

Degree
ψ

Degree
R
interface

Pile L = 10, D
= 0.4

25 ×
103

ASTM
D2435

25 0.15
[9]

– – – –

Under-reamed
pile

L = 10, Dr
= 0.8

Pile cap 2 × 2.75

Soil 15 × 15 ×
15

5 ×
103

16 0.30 8 38 10 1

Engine
detail

Static load Dynamic load Frequency – – –

500 kN 20 kN 20 Hz

3 Results and Discussion

In this investigation, the result was the time-settlement curve at the node resting on
the pile cap center. Figures 10 and 11 show a view of the displacement distribution
for uniform piles under dynamic load. In the same way, Fig. 12 provide the time-
settlement curve of finite element model analysis, it can be noted that the pile with a
uniform section can not be able to carry the applied load and the settlement (4.97 cm)

Fig. 10 Displacements distribution for uniform pile support machine
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Fig. 11 Section of displacements distribution for uniform pile support machine
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Fig. 12 Time-settlement for uniform pile support machine

more than the value of 10% of the pile diameter. So, it is intended to use a pile
with a bulb to reduce the huge settlement and increasing load capacity. For a single
under-reamed pile, Fig. 13 shows the deformed mesh and total displacement. So, it
can be seen that increasing the surrounding soil resistance around the bulb at pile
toe compared with a uniform pile. Therefore, S.U.P can reduce the settlement by
77.5% compared with the uniform pile Fig. 14. Finally, it can be seen from Fig. 15
that increasing soil mass around D.U.P to resist the dynamic load, which leads to
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Fig. 13 Deformed mesh and total displacement for S.U.P support machine
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Fig. 14 Time-settlement of S.U.P support machine

more reduction in the settlement 81% compared with uniform pile Fig. 16. Also, a
comparison between the three types of studied piles supporting the machine is shown
in Fig. 17. The results showed significant impact for using single or double reamed,
in the last quarter of pile, in reducing the viarbration settlement of machine.
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Fig. 15 Deformed mesh total displacement for D.U.P support machine
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Fig. 16 Time-settlement of D.U.P support machine

4 Conclusions

This study clearly shows that numerical analysis can be used to modeling large-scale
foundations.
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Fig. 17 Comparison of time-settlement relation for three types of piles support machine

• It was observed that the under-reamed pile could reduce the settlement from
(4.97 cm) in a uniform pile to (1.172 cm) in S.U.P and to (0.9475 cm) in D.U.P.

• Increasing the number of bulbs reducing the collapsible soil settlement percent
(26–94%).

• Finally, a pile with single and double bulb has more safety factor against bearing
failure than the uniform pile.
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Exploring Biochar as Stable Carbon
Material for Suppressing Erosion
in Green Infrastructure

Yuan-Xu Huang, Xia Bao, He Huang, Ankit Garg, Wei-Ling Cai,
and Askar Zhussupbekov

Abstract Many biomaterials (fibers) have been proposed for minimizing soil
erosion. However, those biomaterials are prone to degradation under microbial
activity. In contrast, biochar, a relatively stable carbon material (half-life period
>100 years) has been explored recently for minimizing soil erosion. Life period of
such material is well beyond the design period of any geo-environmental infras-
tructure. This study evaluates individual and coupling effects as well as the relative
importance of four important factors, biochar content, slope gradient, slope length,
and rainfall intensity using flume tests. Bare soil (BS) and soil-biochar composites
(SBCs) were subjected to flume testing under factorial experiment design. The exper-
imental results indicate that biochar addition significantly increased water retention
capacity and decreased soil loss. It lowered the sensitivity of green infrastructure to
rainfall events and enhanced the resistance of green infrastructure to water-related
hazards. Biochar content is the most significant effect in reducing total erosion sedi-
ment, while slope length and slope gradient are the least important factors. Based on
the performance of SBCs, biochar is suggested as a promising stable carbon material
for the green infrastructure.
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1 Introduction

Soil erosion has caused irreparable losses to people’s production and life. Soil erosion
can be divided into surface erosion and internal erosion [1]. The surficial erosion
appears on the surface of soil when runoff flow splashes, slips across the ground,
and erodes soils [2]. Internal erosion occurs inside soil due to the washout effect of
infiltration or seepage [3, 4]. Hence, the key to reducing soil erosion is to control
the runoff and infiltration on the surficial soil layer [5, 6]. Green infrastructure,
therefore, plays a critical role in soil–water conservation by improving soil water
storage capacity, reducing runoff and infiltration, and decreasing soil loss [6].

As one kind of environmentally friendly material, biochar is produced from
pyrolyzed biomass waste by negative carbon emission technology [7]. As compared
to other biomass materials, which are prone to degradation, biochar has relatively
higher stabilitywith an average half-life period expected to go beyond 100 years. This
period is well beyond any design period of green infrastructure. In previous studies,
biochar was used to improve soil water retention capacity [8], minimize erosion
[9], inhibit soil surface cracking [10], and increase soil fertility [11]. Besides, some
studies verified the impact of other factors. For example, Cuomo et al. investigated
the effect of slope geometry characteristics and rainfall rate on erosion [12]. Chen
et al. studied the effect of soil properties and rainfall rates on erosion using flume
tests [13]. Ekwue and Harrila [14] also observed that geometry characteristics, soil
properties, and rainfall rate were the important individual impact factors on erosion.
However, few studies have quantified the relative influence of slope geometry and
biochar characteristics on soil loss and water retention.

This study is to evaluate the individual and relative importance of slope geometry
characteristics, biochar content, and rainfall rate on infiltration flow, runoff flow, and
concomitant erosions using flume tests. Factorial experiments of bare soil (BS) and
soil-biochar composites (SBCs) were carried out using flume setup designed with a
function of flow diversion. Through flume experiments, the hydrological response
of biochar amended soil layer in green infrastructure was systematically studied.

2 Methodology

Material Preparation. Soil material was collected from the mountains of Shantou
University, China. The soil concluded 82.23% medium sand, 15.93% fine sand,
and 1.84% fines (silt + clay). For its particle size distribution characteristics, D50

was 1.58 mm, Cu was 5.69, and Cc was 1.10. It was identified as poorly graded
sand (ASTM-CS), which had been exposed long term to weathering. Under the
compaction degree of 90%, the void ratio can be estimated as 0.58. In-house produced
biochar was derived from an invasive plant (i.e., water hyacinth) found in abundance
in the coastal region of Shantou, China. Biochar was produced using pyrolysis [15].
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Pyrolysis involves heating of biomass (up to 600 °C) under limited oxygen condi-
tions. Heating of biomass at maximum temperature (600 °C) continued for 15 min
[16]. Slow pyrolysis (0/min) could let the biochar with a large surface area, more
functional groups and pores. During this process, CO2 was supplied and seques-
trated in water hyacinth biomass. The zeta potential, electrical conductivity, debye
length, and surface charge of the biochar were 16.9 mV (unstable colloid), 2.1 S/m,
0.8 nm, and 1.5 e−6 C/cm2, respectively. Functional groups of biochar were obtained
using FTIR (Fourier transform infrared) spectroscopy analysis. These groups include
–COOH, –OH, C = C and C–O.

Experimental Design. Two-level experiments were designed to investigate the
effects of slope geometry, rainfall characteristics, and biochar content on erosion,
runoff, and infiltration in flume tests. As shown in Fig. 1, high and low levels were
selected for varying rainfall intensity, slope gradient, and slope length, respectively.
For the rainfall rate designed for this research, 60 mm/h and 90 mm/h were regarded
as light and heavy rainfall in the local place [9]. Slope gradients of 7° and 20°
[17] were adopted. For slope length, 1 and 2 m were considered [12]. In total, 48
experiments, including replicates involving the internal and external factors of the
green slope were conducted.

Flume Experiments. Figure 2 presented a schematic diagram of the in-house
manufactured flume set up. The flume was separated into three sections for
performing rainfall simulation experiments on soil samples of BS, SBC5%, and
SBC10% simultaneously. This arrangement makes it easier to compare responses
under three different soil slopes (i.e., BS, SBC5%, and SBC10%). Standard
compaction tests as per guidelines prescribed in ASTM D1140 were adopted for
compacting soil-biochar composite. A degree of compaction of 90% was adopted in
this study [15]. A model was adopted to analyses runoff flow, infiltration flow, and
erosion flow [18].

Bare soil
+

5 % biochar

Bare soil
+

10% biochar

Bare soil Rainfall
intensity

Slope
gradient

Slope
length

Factorial
Experiment

design

60 mm/h

7°

20°

1 m

2 m

90 mm/h

Fig. 1 Factorial experiment design for flume tests
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Fig. 2 Schematic diagram of flume experiments

3 Results and Discussion

The influence of biochar on soil erosion is shown in Fig. 3. As compared to BS,
total rainwater flow in SBC5% and SBC10% is reduced by an average of 33% and
19%, respectively. The water retention properties of biochar (see Fig. 3a) cause a
reduction of total rainwater flow, which is consistent with Abrol et al. [19]. Figure 3b
also shows that biochar addition improves erosion control, which was also observed
in Li. et al. [9]. Table 1 summarizes the reduction potential of internal and surface for
SBC5% and SBC10% concerning BS. The efficiency of erosion control of SBC5%
was around double that of SBC10%.

Fig. 3 Influence of biochar on a water retention and b erosion
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Table 1 Effect (i.e.,
reduction) of SBC5% and
SBC10% as compared to BS

Surface erosion
(%)

Internal erosion
(%)

Total erosion
(%)

SBC5% 60 58 51

SBC10% 21 29 32

During testing, flow increaseswith time and reaches a peak value,where it remains
more or less stable. Therefore, data analyses considered average peak erosion flows
anddiscussed the effects of factors onpeak erosionflow.Data collectedwas processed
with a multi-factor ANOVA (analysis of variance) tool. Tables 2 and 3 summarize
the results of 2k factorial analyses. The main effect of factors and their interaction is
shown in Fig. 4. The sensitivity analysis in determiningwater retentionwas estimated
as biochar content > rainfall rate > slope gradient > slope length (see Fig. 4a). This
is because biochar formed soil-biochar aggregates, which were water-stable [20].
The elongated shape and irregularity of biochar particles changed soil composition,
lengthened its pore space, and improved its water retention [17]. The relative signif-
icant parameter order is biochar > slope length > rainfall rate > slope gradient (see
Fig. 4b) for erosion sediment. It showed water retention properties were also likely
to be improved by the hydrophilic groups on the surface [10].

Results showed the effects of biochar on hydrologic responses to rainfall events in
the short term. Biochar has immense potential for the contribution to green infrastruc-
ture based on the reported performance of water retention [20], wastewater treatment
[21], erosion control [12]. Biochar can be a promising material for the application of
green infrastructure in experiments [22]. After all, an optimized strategy of adopting
biochar type and biochar dosage for targeted soil in green infrastructure needs to be
developed.

Table 2 2k factorial analyses
showing the main effect on
erosion flow

Total flow Infiltration Runoff

Biochar 289 107 182

Slope gradient 212 79 290

Rainfall rate 243 131 111

Slope length 220 121 341

Table 3 2k factorial analyses
showing the main effect on
erosion sediment

Total flow Infiltration Runoff

Biochar 0.769 0.479 0.289

Slope gradient 0.216 0.160 0.377

Rainfall rate 0.380 0.859 1.239

Slope length 0.697 0.737 1.434
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(a) Effect of various factors affecting erosion flow 

(b) Effect of various factors affecting erosion sediment
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Fig. 4 The contribution of various factors in erosion control
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4 Conclusions and Future Work

Biochar addition decreased runoff and increased water retention capacity signifi-
cantly. The erosion resistance of SBCs was improved effectively. This was attributed
to porosity, roughness aswell as the presence of functional groups in biochar. Besides,
biochar content was a sensitive factor in erosion experiments. The most influential
factors determining erosion sediment induced by runoff and infiltration erosion are
slope gradient and slope length. Soil with a biochar content of 5% has better perfor-
mance than bare soil and 10%biochar content. Due to the great potential of biochar in
water conservation and wastewater treatment, future research needs to be conducted
to consider biochar’s effect on soil erosion in the long term.
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Dynamic Response of Slender Reinforced
Concrete Columns Strengthened
by Using CFRP and Circularization
Subjected to Seismic Excitation

Zena H. Abdulghafoor and Hayder A. Al-Baghdadi

Abstract This paper presents a numerical study comparing the drift of slender
columns with different strengthening techniques subjected to different amplitude
seismic with a pure axial compressive load. A total of three 1:3 scale square concrete
column models were used throughout the study. The first column consisted of a
square column without CFRP (carbon fiber reinforced polymer) strip confinement
and shape modification; it was considered as a reference member. The second one
consisted of a square columnconfinedwithCFRPstrips usingNear-Surface-Mounted
(NSM) technique and then strengthened with CFRPwraps. The third column and last
one consisted of a square column confined with CFRP strips, then circularized and
confined with CFRP wrappings. All columns are tested using a time-compressed El
Centro 1940 earthquake at different amplitudes (0.05 g, 0.15 g, 0.32 g). Numerical
results showed that the displacement of columns, which strengthened with CFRP
strips, the circularized and confined with CFRP wrappings technique, was decreased
of about 89.14%, 88.33%, 88.71% at 0.05 g, at 0.15 g, and at 0.32 g, respectively,
compared with the reference column.

Keywords Circularization · Slender Columns · Confinement · Drift · CFRP ·
NSM · Seismic

1 Introduction

Damage of (RC) (reinforced concrete) columns under seismic and in impact due to
fire and explosion can prompt thewhole RC structure’s catastrophic failure. Columns
are the primarymember bearing loads in the structure and cannot go through extreme
severe damages to stay in their function [1]. Through the earlier 90s, the major
technique that was used to strengthen columns included expanding the segment
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by adding concrete cages or by injecting grout in steel jackets. The two methods
are workers intensive and present challenges at the site [2]. “Fiber-reinforced poly-
mer” (FRP) has been used effectually in current years as an alternate material for
rehabilitate, strengthened damaged reinforced concrete structures according to its
preferred tensile strength, corrosion resistance, durability, and lightweight property
with comparison to steel jacketing. Many research types have proven that FRP wrap-
ping of reinforced concrete columns is an effectivemethod of increasing the column’s
strength and ductility as it presents confinement to the concrete core [3]. External
wrappings of RC columns is a high spread strengthening method that is accepted to
cause gain in axial load and bendingmoment capacity and causing ductility improve-
ment. The composition of CFRP sheets and longitudinal CFRP plates for slender
columns is a system that can take the benefit of longitudinal stiffening members
and transverse members with confinement and buckling support functions [4]. Many
buildings in Iraqwere designed only for gravity loading. Thesemake structures attend
a great difficulty for the persons caring with decreasing earthquake risk. However,
the most building was established earlier to any particular specifications to design
against earthquakes. Therefore, retrofit of these buildingswas important.Results have
displayed that columns wrapped by CFRP sheets enhance their strength, ductility,
and energy dissipation capacity without adding stiffness to the members. The ease of
installationmakes the use of the CFRP sheet an effective alternative in the earthquake
retrofit of existing structures [5].

Since Iraq is situated in the middle east, this is making it affected by earthquakes,
and the building must be designed and constructed against seismic [6]. Most of
the buildings are defective to withstand for future extensive earthquakes. Most of
these buildings have common deficiencies such as insufficient reinforcing details,
poor construction quality and part ratios of members was caused strong beams,
weak columns, short columns, and soft stories. The concrete strength in existing
structures is far less than the chosen strength values due to poor labor. The transverse
confinement in members, especially near the potential plastic hinging regions is
not enough. Studies on lapped bars subjected to the earthquake have shown that
many of the bond mechanisms accessible through static loading of splices degrade
with the number of cycles and deformations amplitude. Throughout the seismic
load, confinement plays a significant part in the lapped splice strength. The reason
is confinement controls the loss of mechanical connections after the enlargement
of concrete [7]. One of the most effective ways to make efficient use of FRP in
square columns is to modify the shape of the square sections before applying the
FRP jacketing. The circularizing of a square column to change its shape is known
as section circularization, and the resulting shape-modified column is known as a
circularized square column [8].
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Fig. 1 Circularization for the square column

2 Circularization

Circularization is transforming non-circular concrete members into circular ones by
changing their cross-sectional structure from non-circular to circular. This may be a
rectangle, square, or another shape, as cited by [9]. Shape-modifications, or changing
a rectangular or square column section into an elliptical, oval, or circular section,
is one way to increase the usefulness of FRP-confined rectangular columns [10]
(Fig. 1).

3 Methodology of Study

In this study, three reinforced concrete columns were analyzed numerically using
the finite element software Abaqus (as a qualitative study to investigate the behavior
of columns with different strengthening methods subjected to different amplitude
0.5 g, 0.15 g, 0.32 g El Centro 1940 earthquake before starting with the experimental
study), include:

• Reference column (R): (unstrengthen square column 130× 130× 1500 mm) was
analyzed under 0.5 g, 0.15 g, 0.32 g El Centro 1940 earthquake.

• Strengthened column (N–C): square column 130 × 130 × 1500 m was strength-
ened by four CFRP strips using (NSM) technique in the direction of seismic (x
direction) then confined with CFRPwrapping was analyzed under El Centro 1940
earthquake with amplitudes of 0.5 g, 0.15 g, and 0.32 g.

• Strengthened column (N–CI–C): square column 130 × 130 × 1500 m was
strengthened by four CFRP strips using (NSM) technique in the direction of
seismic (x-direction) then circularized and confined with CFRP wrapping was
analyzed under El Centro 1940 earthquake with amplitudes of 0.5 g, 0.15 g, and
0.32 g.

• The columns were designed using concrete strength of fc′ = 30 MPa.
• The CFRP plate dimension is (1.2 × 6) mm with 1800 mm length, embedded in

the base about 300 mm according to ACI 440.2R-17.
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• The CFRP sheet thickness is 0.381 mm.

4 Material Properties

The geometry and materials properties used in the numerical modeling are given in
Fig. 2 and Tables 1, 2 and 3.

R N-C N-CI-C Groove and CFRP
plate details

(a) (b) (c) (d)

Fig. 2 Cross-section of column models (dimensions in mm)

Table 1 Sikadur 30 epoxy
resin properties used with
CFRP plates

Property Value

Resin tensile strength 29 N/mm2 (7 days at +35 °C)

Resin tensile modulus of
elasticity

11,200 N/mm2 (+23 °C)

Resin tensile adhesion
strength

(>4 N/mm2)

Resin density 1.65 ± 0.1 kg/l (component A +
B mixed) (at +23 °C)

Table 2 Sikadur 330 epoxy
resin properties used with
CFRP sheets

Property Value

Resin tensile strength 30 N/mm2 (7 days at +23 °C)

Resin tensile modulus of
elasticity

4500 N/mm2 (23 °C)

Resin elongation at break 0.9% (7 days at +23 °C)

Resin tensile adhesion
strength

(>4 N/mm2)

Resin density 1.3 ± 0.1 kg/l (component A +
B mixed) (at +23 °C)
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Table 3 Properties of CFRP
plates and sheets

Property Value

Plates Sheets

Dry fiber tensile strength 3100 N/mm2 3450 N/mm2

Dry fiber tensile modulus
of elasticity

165,000 N/mm2 230 000 N/mm2

Dry fiber strain at break 1.7% 1.5%

Dry fiber density 1.6 g/cm3 1.8 g/cm3

5 Numerical Modeling

• In this study, the mass, column, and the base of the column, circularized column,
CFRP strips, epoxy resin was modeled of C3D8R: (An 8-node linear brick,
reduced integration), steel reinforcement was modeled of T3D2: (A 2-node linear
3-D truss), CFRP wrap was modeled of S4R: (A 4-node doubly curved thin or
thick shell, reduced integration).

• (CDPM) concrete damage plasticity model, the dynamic, implicit method was
used for analyzing the models.

• Steel mass with a dimension of 0.3 × 0.3 × 0.4 m was applied on the top of the
column.

• The seismic amplitudes were applied in x-direction, and the bottom block rein-
forced concrete (base with a dimension of 0.5 × 0.5 × 0.4 m) was assumed to be
fixed and given no degree of freedom.

• For interactions between epoxy resin and concrete, between the epoxy resin
and CFRP strips, and between concrete and CFRP wrapping, tie constraint was
modeled. With this constraint, the members attached together and stay tied during
the analysis. The constraints of concrete with steel reinforcement were modeled
using the embedded region constraint. To ensure that both have the same degrees
of freedom (Fig. 3).

6 Test Results and Discussion

Each model was analyzed three times using (0.05 g, 0.15 g, 0.32 g) El Centro 1940
earthquake. The max displacements were measured for each model, and for three
earthquake amplitude, the numerical test results are summarized in Table 4. Figure 4
represents the displacement of the models under seismic excitation.

Figures 5, 6, 7, 8, 9 and 10 represent the displacement -time response for the
models. The columns strengthened with CFRP strips, then circularized, and finally
wrapped with CFRP have small displacement compared with reference column
and column that strengthen with CFRP strips. Figures 11, 12 and 13 represent the
displacement -time response for the same strengthening technique with the El Centro
1940 earthquake’s different amplitude. It is observed that the (R) model under the
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Fig. 3 Components of the numerical model: a R model, b N–CI–C model, c N–C model, d, e
CFRP jacket, f circularized shape, g epoxy resin, h CFRP strip, i steel reinforcement

Table 4 Summary of the numerical test result

Column Type Strengthening
technique

Earthquake
Amplitude (g)

Absolute
Displacement (mm)

Relative
Displacement (mm)

Max Min Max Min

R – 0.05 6.55034 −6.62044 6.329961 −6.3314

– 0.15 19.9159 −19.7218 19.16798 −18.9763

– 0.32 42.5623 −41.8167 37.87404 −39.7361

N–C NSM strips
with CFRP
wrapping

0.05 3.38543 −2.34045 2.360752 −2.45694

0.15 13.2692 −10.8587 5.06181 −4.85824

0.32 24.9488 −19.8048 8.967478 −9.7981

N–CI–C NSM strips
with
circularization
then CFRP
wrapping

0.05 3.20055 −2.86299 0.686956 −0.63808

0.15 10.1474 −8.70042 2.236297 −2.27933

0.32 21.7935 −17.0673 4.27452 −2.92976

different amplitude has the same behavior with different magnitudes. For the (N–C)
and (N-CI-C) models under 0.15 g, 0.32 g amplitudes, also it has the same behavior
with different magnitudes, but in 0.05 g the behavior is different.
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Fig. 4 Max. Relative displacement with different amplitudes earthquake to the three models

Fig. 5 Absolute displacement–time response for inelastic behavior in the x-direction for acceler-
ation amplitude 0.05 g

Fig. 6 Relative displacement–time response for inelastic behavior in the x-direction for accelera-
tion amplitude 0.05 g
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Fig. 7 Absolute displacement–time response for inelastic behavior in the x-direction for acceler-
ation amplitude 0.15 g

Fig. 8 Relative displacement–time response for inelastic behavior in the x-direction for accelera-
tion amplitude 0.15 g

Fig. 9 Absolute displacement–time response for inelastic behavior in the x-direction for acceler-
ation amplitude 0.32 g

Fig. 10 Relative displacement–time response for inelastic behavior in the x-direction for acceler-
ation amplitude 0.32 g
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Fig. 11 Relative displacement–time response for inelastic behavior in the x-direction for R model

Fig. 12 Relative displacement–time response for inelastic behavior in the x-direction for N–C
model

Fig. 13 Relative displacement–time response for inelastic behavior in the x-direction for N-CI-C
model

7 Conclusions

A numerical study was conducted to investigate the reinforced concrete column’s
behavior strengthened with different techniques under different amplitude El Centro
1940 earthquake. The following conclusions were drawn.

• The circularization process essentially reduced tension accumulation areas that
would otherwise exist when a non-circular column was covered in CFRP.
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• Confinement with CFRP wrapping and circularization proved efficient in
improving the structural performance of reinforced columns subjected to seismic
excitation.

• The method of strengthening square columns using CFRP-NSM with the CFRP
wrapping strengthening technique produced remarkably good results compared
with the reference model. It was noticed that decreases the displacement of a
column of about 62.7% of the reference model under (0.05 g), 73.59% under
(0.15 g), and 76.32% under (0.32 g) and this means that the efficiency of this
technique increased with increasing the earthquake amplitude.

• The method of strengthening square columns using the circularization technique
and applying external confinement offered by CFRP wraps produced excellent
results to reduce the displacement. For the NSM CFRP with circularization and
CFRPwrapping, it is noticed that the displacement of the column is reduced about
89.14% of the referencemodel under (0.05 g), 88.33% under (0.15 g), and 88.71%
under (0.32 g).

• The max. displacement in N–CI–Cmodel is significantly less than the R and N–C
models.

• In summary, it is possible to use these methods in Iraq for the efficiency and ease
of work to strengthen the columns of buildings not designed according to the
seismic load instead of “thinking about demolishing them”.
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Experimental and Numerical Study
of the Influence of Various Parameters
on the Development of Deformations
in Reinforced Base

V. M. Antonov and I. A. Al-Naqdi

Abstract Experimental study results are presented to understand the parameters that
affect reinforcing soil under static as well as cyclic loading. The results of plate tests
held in the laboratory in a tray with rigid-sided walls are presented. Reinforced and
unreinforced sand was implemented. Variable parameters were studied: the cycles
number, the size of the reinforcing element, the eccentricity of the load applied,
and the displacement of the reinforcing element. Numerical analysis was performed
using the finite element method by programs Plaxis 3D v20 and Midas GTS NX.
It was observed that cycling at one of the loading stages led to compaction of the
soil and that the values of the total settlement and the increment of settlement during
the application of the cyclic loading increased till a certain number of cycles. The
total settlement value due to reinforcement decreased under static and cyclic loading
compared to unreinforced soil. Themaximumvalue of the ultimate loadwas observed
at the grid with dimensions 2D×2D and themaximum value of the ultimate load was
when the axis of the reinforcement grid coincided with the axis of the load action.

Keywords Stepwise increasing load · Cyclic load · Settlement ·Modulus of
deformation · Plate · Soil reinforcement

1 Introduction

Numerousmethods have been used in the past and recent times to enhance the bearing
capacity of the soils; Antonov [1] provided laboratory studies of the load-bearing
capacity of reinforced sand. The dependences of the settlement and the ultimate load
on various reinforcement parameters were presented. Chakraborty et al. [2] studied
the ultimate bearing capacity of a circular footing, placed over a soil mass that
was reinforced with horizontal layers of circular reinforcement sheets. The analysis
clearly reveals that the inclusion of the reinforcement causes a significant increase
in the bearing capacity. A new unified bearing capacity formula was formulated by
Chen et al. [3]. Azzam and Nasr [4] carried out a series of loading tests on model
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shell footing. The existence of a reinforced layer below the shell was found tomodify
the bearing capacity failure. The wedge of rupture surface for the shell footing with
reinforcement layer is deeper than those of flat and shell footing without reinforce-
ment. Cicek et al. [5] observed that reinforcement length affects the load-settlement
curve’s behavior. Fattah et al. [6] showed that using the granular trench in soils will
increase foundations’ bearing capacity and reduce the settlement. Moreover, poly-
mers as a reinforcement material have a significant effect on both bearing capacity
and settlement; the reduction of settlement exceeded 60%.

At the construction stage, the bases and foundations first experience a gradually
increasing load, and then, if the technological process uses equipment that repeat-
edly experiences variable loads, then this means that cyclic loads are applied. The
characteristics of cyclic loading—the number of cycles, the maximum andminimum
values of loads, and the coefficient of cycle asymmetry, significantly affect the foun-
dation bases’ strength and deformability. Fahmi et al. [7] used the stone column as a
technique for enhancing the soft ground. The key goal of utilizing stone columns is to
decrease settlement and increase the soil bearing ability and decrease the consolida-
tion period under cyclic loading. Najim et al. [8] carried out experimental investiga-
tions to investigate the footing shape’s impact when rested on clayey soil under cyclic
loading conditions. A total of sixty-three models have been tested to study shallow
footings’ behavior under cyclic load of different rates by Fattah et al. [9]. The loss of
the bearing capacity and strength of the soil base under the influence of cyclic loading
occurs due to the accumulation of shifts of individual volumes of soil under normal
and tangential stresses. In order to redistribute the stresses on the additional volume
of the soil, increase the rigidity of the base, and in some cases, change the natural
frequency of vibrations, all this is possible by using soil reinforcement. Khryanina
[10] showed that geogrids perceive the shear forces developing in the ground and
restrain plastic deformations’ growth in the marginal zones under the foundation.
The behavior of geosynthetic-reinforced sandy soil foundations was investigated by
Abu-Farsakh et al. [11], and the effect of different parameters contributing to their
performance using laboratory model tests were performed. The parameters included
top layer spacing, number of reinforcement layers, the vertical spacing between
layers, tensile modulus and type of geosynthetic reinforcement, embedment depth,
and footing shape.

Thepotential benefits of geogrid-reinforced sandover collapsible soilwere studied
by Alawaji [12] to control wetting-induced collapse settlement. In his work [13],
Safin investigated the deformability of the soil in the form of clay reinforced with
vertical elements. It was found that settlement of the soil mass without reinforcement
is 70% greater than the settlement of the reinforced soil mass, and the difference in
the settlement at a pressure of up to 50 kPa is practically the same. This article
presents the results of comparing numerical simulations and experimental results on
a reinforced and unreinforced base with variations in the following parameters: the
number of loading cycles, the load stage from which cycling began, the size of the
reinforcing element, the load eccentricity, and the displacement of the reinforcement
relative to the center of the model.
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2 Materials and Methods

Anexperimental studywas carried out to analyze the reinforced ground base behavior
under static and cyclic loads to determine optimal parameters based on static and
cyclic tests. The studywas carried out in ametal traywith rigid-sidedwallsmeasuring
70 × 55 × 55 cm. The base sand is fine, homogeneous, in an air-dry state. The base
was formed by layer-by-layer compaction using a metal rammer up to density, ρ =
1.53 g/cm3. The thickness of each compacted layer was 5 cm, and the reinforcement
element was laid to the desired depth in case of a reinforced base. During the tests,
deformations were determined over the entire load range using the ICH-10 clock-
type indicators mounted on a support frame. A rigid metal plate with a diameter of
120 mm was used as the foundation model. The load on the plate was transmitted
using a lever system with a gear ratio of 1:5. The loading stages were assumed to
be equal to 0.1 of the previously found ultimate load. Each stage was maintained
until the settlement was conditionally stabilized (20 min). Loading was carried out
either till failure, in which the settlement grew without increasing the load or until
the conditional maximum foundation settlement Su was obtained. In Fig. 1 is shown
a diagram of the setup used during experimental work.

The experiments’ numerical simulations were carried out using the finite element
software programs “MIDAS GTS NX” and “Plaxis 3D”. The development of
displacements was limited in the directions x and y, i.e., displacements could only
develop in the vertical direction z (x = 0 and y = 0). A special feature of the Plaxis
3D complex is the ability to provide static as well as cyclic loading. A reasonable
prediction is given on the basis of the plain strain Mohr–Coulomb model (an ideal
elastic–plastic model), where the used modulus of deformation for sand is calculated
at the stage of ultimate load using the Schleicher formula, Full 10-noded model is
used for modeling reinforced sand. The plate was created using the plate option in the
program, and steel reinforcement was modeled using the 3D ability of the Plaxis 3D,
the steel properties that were assigned to the reinforcement. Fine meshing is selected
for meshing for more accuracy, cyclic loading was applied with the help of phase

Fig. 1 Diagram of the setup:
1-metal tray; 2-plate;
3-indicators; 4-lever;
5-counterweight; 6-weights;
7-reinforcing element;
8-knife, and 9-reference
frame
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(a) (b)

Fig. 2 Finite element discretization of a reinforced sand foundation model, and b grid modeling,
by Plaxis 3D

option in staged construction feature of Plaxis 3D v20. Very close results to experi-
mental ones are obtained for the reinforced base at static and cyclic loading. Finite
element discretization of the reinforced sand-foundation model, and grid modeling
used in Plaxis 3D is shown as in Fig. 2.

Themodulus of sand deformation used in numerical analysis was calculated using
the Schleicher formula based on experimental data at ultimate load, the density was
calculated under laboratory conditions, and the remaining valueswere assumed using
tables [14] and program Plaxis 3D. These parameters are shown in Table 1.

3 Results and Discussion

Influence of the number of loading cycles on the load-bearing capacity of the
reinforced and unreinforced base. In the first series of tests, the load stage from
which cycling began (F) was 0.2 of the ultimate load (Fu). The number of cycles
varied from 4 to 36, with a step of 4 cycles (4/8/12/16/20/24/28/32/36). Table 2 shows
the experiments’ results on an unreinforced base, and Table 3 on a reinforced base.
The comparison was carried out to the pressure at the plate foundation, at which there
was a loss of the bearing capacity of the base Pu, corresponding to the settlement su,
and the increment of the settlement during cycling �s. The limiting pressure during
the transfer of the cyclic load to the unreinforced base was Pu = 0.09 MPa.

In experiments when a reinforced base, with a steel grid of 145 × 125 mm, the
grid was placed under the plate foundation at a relative depth of hs = 0.2 D. The
diameter of the grid rebars, 4 mm, and 35 mm is the rebars’ pitch.
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Table 2 The results of experiments on unreinforced base at F = 0.2 Fu

Number of cycles
(n)

4 8 12 16 20 24 28 32 36

Pu (Mpa) 0.09 0.09 0.085 0.09 0.09 0.09 0.09 0.09 0.09

su (mm) 17.06 17.1 21.76 20.6 23.4 23.6 19.7 19.9 19.8

�s (mm) 0.67 1.29 0.62 0.97 1.58 1.45 2.2 1.3 1.9

Table 3 Results of experiments on a reinforced base at F = 0.2 Fu

Number of
cycles (n)

4 8 12 16 20 24 28 32 36

Pu (Mpa) 0.16 0.16 0.16 0.16 0.16 0.192 0.176 0.197 0.16

su (mm) 18.8 20.5 20.8 20.6 22.6 23.07 23.04 25.6 18.3

�s (mm) 0.39 0.515 0.63 0.566 0.83 0.76 0.65 0.915 0.93

Figures 3 and 4 show a comparison of experimental results on a reinforced and
unreinforced sand with different load cycles. The comparison was carried out by the
values of settlement at specific loading stages.

In the second series of tests, the load stage fromwhich cycling began was changed
to F = 0.64(Fu), while the other parameters remained the same as in the previous
series. Table 4 shows this series of experiments for unreinforced sand and Table 5 for
reinforced one. Figure 5 shows the results of the series for experiments at a pressure
of 0.06 MPa. In Table 6 listed a comparison of experimental and numerical values
of settlement at F = 0.2 Fu for reinforced, and unreinforced bases.

Influence of the size of reinforcing elements on the strength anddeformability
of the base. This series presents the results of laboratory experiments to assess the
effect of the size of reinforcing elements on the rate and amount of development of
deformations and the base’s bearing capacity under cyclic loading. The load stage

(a) (b)
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sand at foundation, and at certain pressure values, F = 0.2 Fu
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Fig. 4 Dependence of settlement on the number of load cycles for reinforced and unreinforced
sand at the foundation and at specific pressure values, F = 0.2 Fu

Table 4 Results of experiments on unreinforced base at F = 0.64 Fu

Number of
cycles (n)

4 8 12 16 20 24 28 32 36

Pu (Mpa) 0.069 0.069 0.08 0.069 0.085 0.069 0.069 0.069 0.069

su (mm) 16.1 16.4 18.69 18.69 20.84 18.27 17.89 16.12 16.12

�s (mm) 2.2 5.4 2.8 3.75 2.66 3.6 4.09 2.65 3.3

Table 5 Results of experiments on reinforced base at F = 0.64 Fu

Number of
cycles (n)

4 8 12 16 20 24 28 32 36

Pu (Mpa) 0.176 0.17 0.197 0.181 0.224 0.149 0.149 0.149 0.149

su (mm) 16.47 15.34 15.5 16.8 16.9 20.8 19.45 17.19 16.5

�s (mm) 0.775 0.87 1.09 1.6 1.09 1.9 1.7 1.84 1.88
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Fig. 5 The influence of reinforcement on the development of settlements in the foundation at a
pressure of 0.06 MPa
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Table 6 Comparison of experimental and numerical values of settlement at F = 0.2 Fu for
reinforced and unreinforced bases

Number
of cycles
(n)

For unreinforced base For reinforced base

Pu (Mpa) su (mm)
(Experimental)

su (mm)
Plaxis

Pu (MPa) su (mm)
(Experimental)

su (mm)
Plaxis

4 0.09 17.06 15.7 0.16 18.8 17.1

8 0.09 17.1 15.7 0.16 20.5 18.7

12 0.085 21.76 19.8 0.16 20.8 18.9

16 0.09 20.6 18.9 0.16 20.6 18.7

20 0.09 23.4 21.5 0.16 22.6 20.5

24 0.09 23.6 21.7 0.192 23.07 22.4

28 0.09 19.7 18.1 0.176 23.04 21.8

32 0.09 19.9 18.3 0.197 25.6 25.2

36 0.09 18.2 18.2 0.16 18.3 16.8

fromwhich the cycling startedwasF = 0.6Fu. The relative depth of the reinforcement
in this series was hs = 0.2D, where D = 120mm—is the plate diameter. The number
of cycles was 20. The cycle asymmetry coefficient r = pmin

pmax
= 0, i.e., unloading

was carried out to zero initial value. Grid sizes were D × D; D × 1.5D; D × 2D;
D × 3D; D × 3.6D; 1.5D × 1.5D; 2D × 2D; the rebar rods’ diameter is 4 mm,
and the pitch is 35 mm. Figure 6 shows a diagram of the settlement developed
over the cycles period for the unreinforced and reinforced base, and Fig. 7 shows a
diagram of the dependence of settlement on the pressure at p = 0.085 MPa. Table
7. shows a comparison of reinforcement options by specific load-bearing capacity –
which equals relation of the load-bearing capacity of the reinforced base Fus to the

3.6

1.425

1.737 1.83 1.76 1.745

1.34

0 1X1 1Х1.5 1Х2 1X3.6 1.5Х1.5 2Х2

Se
le

m
en

t d
ue

 to
 c

yc
le

s,
 m

m

Grid size

Fig. 6 Settlement over the cycles period for the unreinforced and reinforced base



Experimental and Numerical Study of the Influence of Various … 489

20.8

7.89 7.5
6.6 6.4 6

4.32

0 1X1 1X1.5 1X2 1X3.6 1.5X1.5 2X2

S,
 m

m

Grid size

Fig. 7 Values of settlement at the plate foundation where pressure p = 0.085 MPa

Table 7 Effect of the grid size on the specific load-bearing capacity of the base

Grid size D × D D × 1.5D D × 2D D × 3D 3.6D × D 1.5D× 1.5D 2D × 2D

Ultimate
load,Fus, N

2293 1627.7 1989.5 2473.94 2769.4 2170.3 4216.3

Grid volume,
mm3,Vs

17,200 19,100 27,900 37,516 49,624 27,500 56,000

Specific bearing
capacity

Fus/Vs, N/mm3

0.133 0.0852 0.0713 0.065 0.055 0.0789 0.0752

volume of reinforcement Vs. Table 8 presents a comparison of experimental data
and numerical simulations for the settlement values preceding the base’s loss of the
bearing capacity.

The influence of eccentricity by applying static and cyclic vertical loading
on the base’s bearing capacity when the reinforcing element is displaced. In this
series of experiments, a static central and off-center load with an eccentricity of
e = 0.075 D and 0.15 D was applied to the plate foundation (Fig. 8).

Table 9 shows a comparison of results of experiments and simulations for the
unreinforced base. The comparison was carried out by the load at which the loss of
the bearing capacity of the base Fu and the corresponding settlement su occurred.
The base was reinforced with a grid of 145 × 125 mm dimensions, the diameter
of the grid rods is 4 mm, the pitch of the rods is 35 mm. The reinforcing element
was located under the plate foundation at a depth of hs = 0.1D and 0.2D. A static
central and off-center load was transmitted to the plate with the same eccentricity as
in previous experiments. The grid offset relative to the center of the model was e0 =
0.075D and 0.15D. Table 10. shows a comparison of the results of experiments and
simulations at a grid depth of hs = 0.1D, and in Table 11 at hs = 0.2D.
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Fig. 8 Diagram of the
location of reinforcing
element under static and
cyclic applied loading

Table 9 Comparison of experimental and simulation results for the unreinforced base

Relative eccentricity
e = e/D

Fu (N) su (mm)
(Experimental)

su (mm) (Plaxis) su (mm) (Midas GTS
NX)

0 845 11.04 11.5 7.99

0.075 604 13.8 13 9.75

0.15 422 13.2 11 9.6

Table 10 The results of experimental and numerical simulations on a reinforced base at hs = 0.1D

e eo Fu (N) su (mm) (Experimental) su (mm) (MIDAS GTS)

0.075D 0 1250 13.3 12.1

0.075D 1550 18.9 14.2

0.15D 1550 14.6 14.4

0.15D 0 800 11.8 7.5

0.075D 1050 10.42 13.4

0.15D 1100 16.6 9.9

Table 11 Experimental and numerical results when reinforcement at hs = 0.2D

e eo Fu (N) su (mm) (Experimental) su (mm) (MIDAS GTS)

0.075D 0 1050 12.59 10.4

0.075D 1200 14.4 11.9

0.15D 1500 17.9 14.7

0.15D 0 750 13.8 14.9

0.075D 950 14.91 18.2

0.15D 1050 13.8 10.1

In the next series of experiments, the load was brought up at a stage of F = 0.6 Fu,
20 cycles were performed, and further static step load was applied until failure
occurred. The reinforcing element was located at a distance of hs = 0.1D (Table.12)
as well as at a distance of hs = 0.2D (Table.13) from the plate. Tables 12, 13 show the
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Table 12 Experimental and numerical results of reinforced base under cyclic loading (hs = 0.1D)

e eo Fu (N) su (mm) (Experimental) su (mm) (Plaxis 3D) Roll, i

0.075D 0 1300 14.7 17 0.02

0.075D 1400 18.75 17.8 0.04

0.15D 1500 18.9 19 0.0033

0.15D 0 900 8.9 10.75 0.027

0.075D 1050 12.59 10.7 0.03

0.15D 1100 15.3 13.25 0.025

Table 13 Experimental and numerical results of reinforced base under cyclic loading (hs = 0.2D)

e eo Fu (N) su (mm) (Experimental) su (mm) (Plaxis 3D) Roll, i

0.075D 0 1050 13 14 0.021

0.075D 1500 23.3 20.2 0.02

0.15D 1500 15.7 20 0.022

0.15D 0 650 7.9 8.4 0.028

0.075D 1050 12.36 13.25 0.054

0.15D 1100 12.8 13.7 0.023

foundation settlement and roll values corresponding to the ultimate load according
to the results obtained during laboratory work and numerical modeling.

4 Summary

Cycling at one of the loading stages led to compaction of the soil and, as a result,
to an increase in shear resistance, consequently, the absolute values of the bearing
capacity of the base increased also.

• The values of the total settlement and the increments of settlement during the
application of cyclic loading increased till a certain number of cycles, at which
the optimal density value was reached. In our case, this value was-20–24 cycles.
Then the settlement either stabilized or decreased slightly.

• The total settlement value for reinforced sanddecreased by40–80%, and the settle-
ment in the case of cyclic loading is 1.4–2.1 times less compared to unreinforced
soil.

• The base’s load-bearing capacity increased by 1.7–4.3 times, depending on the
size of the reinforcing element and the depth of its placement. The highest values
of the load-bearing capacitywere obtainedwhen the reinforcing element is located
in the zone of maximum tangential stresses, at a depth of hs = (0.1D − 0.2D)

from the plate.
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• The maximum value of the ultimate load was observed for grid with dimen-
sions 2D × 2D, the maximum specific load-bearing capacity (per unit volume
of reinforcement)—is obtained in the case of the grid with dimensions D × D.
Increasing the size of the reinforcing element is no longer effective in terms of
rebar consumption.

• In loading with eccentricity, greater pressure on the base was observed when the
reinforcing element shifted in the direction of the load action, and the maximum
value is when the axis of the reinforcement grid coincided with the axis of the
load action.
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Human-Induced Vibration
on Light-Gauge Steel Lightweight
Concrete Composite Floors

Tiba H. Saadi and Salah R. Al-Zaidee

Abstract Light-gauge steel lightweight concrete composite floors have several
attractive properties and are increasingly used for construction. However, under
human walking activity, these floor systems are vulnerable to excessive and compli-
cated vibration, resulting in discomfort and complaints from people. A finite-element
numerical study has been performed to investigate the vibration of light-gauge steel
lightweight concrete composite floors. Twomethods have been adopted in this study.
The first method uses time-domain analysis to predict the peak acceleration response
under the human walking excitation represented by the Fourier series loading func-
tion. The secondmethod is a simplified frequency domain analysis that can predict the
steady-state response to walking using the acceleration frequency response function
with a reduction considering the incomplete resonant build-up. Various light-gauge
composite floor structuralmodels have been considered taking into account two types
of concrete, lightweight and normal weight, and floor beam span ranging from 5 to
8 m. Results show that human walking activity could induce the light-gauge steel
lightweight concrete composite floors to reach inappropriate levels of vibration when
used in the quiet areas, and resulting in a violation of the human comfort criteria for
these types of structures.

Keywords Vibration · Composite floor · Finite element method · Serviceability ·
Human walking load

1 Introduction

Structures are designed to be safe and functional to perform day-to-day service
satisfactorily throughout their lifetime. If a system is unsafe or is secure but fails to
work in use, then one or more of the limit states are reached. The key concept behind
the limit state design method is to follow a probabilistic approach and to prevent
the system from entering the limit states with a certain degree of confidence that is
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predetermined. Thus, systems are designed to satisfy two limit states, the ultimate
limit state (ULS) and serviceability limit state (SLS) [1]. Ultimate limit states (ULS)
are reachedwhen a system fails due to somecause, such as loss of the entire structure’s
equilibrium, instability, rupture, or transformation into a mechanism. In contrast, the
serviceability limit state (SLS) is the one that reaches due to cracking, deflection,
and vibration. Thus, the floor vibration is a serviceability issue that can occur in a
system that is completely valid from a strength point of view. This problem is caused
largely by the increasing use of lightweight concrete and high-strength materials to
produce flexible and long-span flooring systems [1].

In severe cases, floor vibration problems can make a facility entirely unusable
by the occupants, based solely on personal comfort levels. Due to the human-based
factor, accurate prediction is not an easy goal. Each has a different degree of toler-
ance, based on their definition of personal comfort [2]. The use of light-gauge steel in
multi-story buildings and occupancy residences as a framework for floor structures
is becoming a more and more common alternative to traditional materials and tech-
niques. Designers and builders have acknowledged that the high strength-to-weight
ratio of lightweight steel components offered by the cross-section enables longer
spans and lighter structures. The lighter structures and longer spans associated with
light-gauge steel floor systems can contribute to vibration serviceability problems
[3]. Moreover, the problem becomes more apparent when they are used in composite
floors with lightweight concrete.

The composite floors are usually designed using static methods that do not
consider the true behavior under dynamic loads induced by humans. Their one-way
spanning behavior, in comparison to the traditional two-way reinforced concrete
floor slabs, makes them much more susceptible to vibration issues [4]. This study
aims to investigate the behavior of light-gauge steel lightweight concrete floor when
subjected to human-induced vibration. Firstly, the human-induced walking excita-
tion has been concluded from the related literature in terms of the time and frequency
domains. Then, a finite element model has been prepared to simulate the lightweight
concrete floor and the supporting light-gauge steel beams. The supporting hot rolled
girders and columns have been included in themodel for amore accuratemimic of the
system mass and stiffness. Finally, the response has been determined and compared
to show how lightness of concrete and supporting steel beams affect the efficiency
of the flooring system in vibrational aspects.

2 Human-Induced Dynamic Load

The floor vibration caused by the human load is considered a complex problem as
the dynamic excitation generated due to activates such as walking, jumping, running,
or even aerobics are directly linked to the adversities of the individual body and the
particular way in which each person performs a certain rhythmic activity [5]. A lot
of researchers have studied the walking force caused by a single person. Dynamic
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loads induced by humans generally have three components: vertical, horizontal-
lateral, and horizontal-longitudinal. Since the vertical portion of the loads has the
highest magnitude, and due to the flexibility of the floors in the vertical direction,
the vertical component is the only one that is usually considered [6].

Typical force–time history is presented in Fig. 1 for a single footstep. It indicates
a high initial impulse load occurring as the heel hits the floor (A). The first hump
(B) represents the person’s weight in addition to the inertial portion when touching
the plate due to its momentum. This hump rises above the person’s static weight as
the plate measures the full combined force. As the person bends his knee, swings
his opposite leg, and moves the body weight to the opposite limb, the trace then
dips underneath the static weight (C). The final hump (D) happens as the person
lifts the toes off the plate, and eventually (E) the person ends the entire contact
with the plate [7]. Galbraith and Barton in 1970 reported the results of a series of
measurements of walking forces made for obtaining basic data as part of a study
to help detect intruders. For three subjects, weight varies between 115 and 250 lbf
on a plate placed on a 16 ft walkway; seventy-nine footstep force waveforms were
reported. There were three different surface materials, ranging from very soft (sand
and rubber pads) to extremely rough. The investigators indicated that weight and
step frequency were the main influence of the footstep waveforms [8].

In 1988 Rainer et al. measured the vertical dynamic forces from walking and
running using an instrumented platform. The results revealed that the dynamic forces
are composed of wave trains of harmonics of thewalking or running rate. In the initial
three or four harmonics, the major low-frequency contributions are usually included.
They also noticed that a resonance would occur when the frequency, or the integer of
it, coincident with a natural frequency of the floor by the characterization of the force
spectrum [9]. In 1998, Kerr presented the results of more than a thousand footstep
forces results for walking on a flat floor plate. In his study, at first, the vertical
component of the ground reaction of footsteps was recorded. As Fourier analysis can
only be carried out on a repetitive time history, a modification was made to modify

Fig. 1 Walking force [10]
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Fig. 2 Summing the individual traces to form a continuous trace [10]

the single footfall traces that represent in Fig. 1 into continuous trace that presented
in Fig. 2 with the assumption that the footfall traces for the left and right foot are
similar and overlapping the traces by the exact period between heel strikes.

The Fourier analysis showed that the first harmonic amplitude is substantially
distributed near the average footfall rate of 2 Hz and follows a constant pattern of
approximately 24% to about 46% of the walker’s static weight. At the same time,
there is no obvious pattern for the second, third, and fourth harmonic. He indicated
that the second amplitude of the harmonics was significantly lower than the first, and
the third and fourth harmonicswere also smaller. The amplitudeswere approximately
zero, beyond the fourth harmonic [10].

Later Willford et al. [11] noticed that the footsteps harmonic force measurements
obtained byKerr [10] have considerable dispersion in their values. Thus, it is essential
to recognize that no one value is correct, but their values may instead be selected
to be more or less conservative within the range. Generally speaking, the chosen
values should then have the probability of exceedance assigned to them. Hence,
they determined the “Mean” and “Design” (75th percentile) of the harmonics of the
footstep forces as presented in Fig. 3. Therefore, the force generated by a walker
comprises of distinct frequency components at integer multiples (harmonics) of the
pacing frequency and can be represented as below [12].

F(t) = Q +
N∑

i=1

Qαisin
(
2π ifstept − �i

)
(1)

where:

Q is the walker’s weight,
fstep is the step frequency of the walker,
i is the harmonic multiple of the step frequency,
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Fig. 3 Harmonic amplitude [13]

αi is the dynamic load factor of the ith harmonic,
�i is the phase lag of ith harmonic.

3 Assessment of Vibration Problem Due to Human Load

The design of vibration serviceability for floors under human loads of civil engi-
neering systems is not strictly regulated by national codes of practice. Most
commonly, it is based on typically considered ‘guidelines’ concept guides. Such
publications are primarily advisory and give recommendations to an engineer in
charge of the design of civil engineering systems [14]. The AISC Design Guide
11 uses hand calculation methods to check the vibration serviceability for typical
floor framing [15]. Later they introduce finite element analysis using acceleration
frequency response for irregular framing systems. As the hand calculation methods
are cumbersome to apply and need complex computations, using finite element
analysis to predict the vibration response to walking is the logical choice.

Vibration assessment of light-gauge steel lightweight concrete composite floor
due to walking is presented in this paper. Two methods have been used. The first
method uses the time domain analysis to predict the acceleration waveform using the
human walking load function presented in Eq. 1. The second method is a simplified
frequency domain analysis that is applied by the AISC Design Guide and uses the
acceleration frequency response function that estimates the steady-state response
to walking, with a reduction taking into account the incomplete resonant build-up.
Finally, the peak accelerations results have been compared with the human tolerance
presented in Fig. 4. The frequency response function (FRF) is a steady-state response
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Fig. 4 Recommended
tolerance limits for human
comfort [15]

plot due to a sinusoidal load with a unit amplitude versus frequency. This approach
considers that the majority of the walking reaction is due to the harmonic force of the
footstep that matching the natural frequency ( fn) of the dominant mode, therefore
using Eq. 2 to compute the peak acceleration from the FRF plot.

ap = (FRFMax(αQ))ρ (2)

where:

FRFMax is maximum FRF magnitude at frequencies below 9 Hz, %g/N,
Q is the walker’s weight,
α is the dynamic load factor,
ρ is the resonant build-up factor that is assumed for six footsteps build-up,

see Eq. 4.

As thewalking loads are somewhat simplified,without losing substantial accuracy,
by finding that the harmonic loads do not differ greatly across the frequency ranges
that they can be applied. Thus, the average design-level forces are recommended
[13]. Therefore, AISC Design Guide approximate the fittings of Fig. 3 by Eq. 3:

α = 0.09e−0.075 fn (3)

ρ = 50ξ + 0.25 ifξ < 0.01
ρ = 12.5ξ + 0.625 if0.01 ≤ ξ < 0.03
ρ = 1 ifξ ≥ 0.03

(4)

where ξ is the viscous damping ratio.
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4 Structural Model

In this paper, the floors are presented parametrically in Fig. 5. They are one-way in
nature where the uniformly distributed loads act on the slab directly to transfer to the
floor beams in a one-way action. The loads are in turn transferred to the supporting
girders and finally to the supporting columns. Supporting columns are included in
the model to have a more accurate stiffness simulation for the vibration analysis. The
parametric analysis has been achieved taking into account two types of concrete,
lightweight (LC) and normal weight (NC), keeping constant girder span equal to
6 m and varying the floor beam span from 5 to 8 m. Steel sections of HEA300
and IPE300 are adopted for the columns and girders, respectively, while a hollow
rectangular section of 260 × 180 × 5 is adopted for the floor beams. A concrete slab
with a metal deck of 250 mm rib spacing and a thickness of 1 mm is used. Finally,
an imposed dead load of 1.5 kPa and a live load of 2 kPa are assumed during the
analysis.

Fig. 5 Composite floor system adopted in this study

Table 1 Material properties
of the floor system

Material Modulus of
elasticity in (MPa)

Material density in
(kg/m3)

Light weight
concrete

19,343 1700

Normal weight
concrete

33,575 2400

Steel 200,000 7800
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The material properties used in the analysis have been formulated in Table 1. In
the case of a composite floor excited by dynamic loads, the concrete is stiffer than
when it is subjected to static loads. As a result, the conventional concrete modulus
of elasticity has been increased by 35%, according to AISC design guide 11 [15].

5 Modeling of The Structural Orthotropy

The orthotropic plate is defined as a plate with different bending stiffnesses (D = EI)
in two orthogonal directions X and Y in the plate’s plane. The difference in bending
stiffness can be induced either from different moduli of elasticity Ex and Ey of the
materials in two directions, as in the situation of naturally or elastically orthotropic
plates, or from different moments of inertia per unit width, as for structurally
orthotropic plates [16]. When the steel element in a composite action with a concrete
element, the cross-sectional shape used in the structural analysis depends on the
relative orientation of the concrete slab’s ribs to the span of the composite steel
beam.

The composite member when the ribs of themetal deck are in the same orientation
of the composite beam is presented in Fig. 6(a), where hrib is the height of the rib,
hsolid is the height of a solid part above the metal deck, Arib is the area of an individual
rib, Avoid is the area of an individual void between the ribs, and θ equals zero where
θ is the angle, in degrees, between the orientation of the span of the ribs, and that
of the composite beam as shown in Fig. 7. For simplicity, the structural system be

Fig. 6 Longitudinal ribs (section of a girder)

Fig. 7 Oblique ribs
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Fig. 8 Transverse ribs
(section of a floor beam, θ =
90°)

analyzed as presented in Fig. 6b, where the haunch area is equal to the sum of the
individual ribs’ areas over the effective section width [17]. In contrast, when the ribs
of the metal deck are transverse to the span of the composite beam, the cross-section
of the composite member is presented in Fig. 8, when θ equals 90°. Therefore, in the
structural analysis, the weakest cross-section is used, and this takes place in a section
by a gap between the ribs. Hence (bhaunch)θ=90 equals zero when θ equals 90°.

Therefore, the rigidity of the slab with the metal deck can be calculated using
the composite moment of inertia for the composed section of the concrete and the
transformed steel deck along the ribs (Dx), while in the other direction, only the
concrete above the metal deck has been considered in calculating the rigidity (Dy)

using Eqs. 5 and 6 [18]:

Dx = Ec

1 − ν2
c

(Icx + nIsx ) (5)

Dy = Ec Iy
1 − ν2

c

(6)

γ = Dx

Dy
(7)

Ey = Ec (8)

Ex = γ Ey (9)

Using the previousmethod to define the orthotropic properties in the finite element
model, an additional mass has been added to compensate for the volume of the
concrete within the ribs.

6 Finite Element Model

Abaqus software has been used to develop the computational model for the modal
transient and steady-state analyses of the considered floor systems. In the Abaqus
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Fig. 9 Composite floor
system simulation using
Abaqus

model, the slab has been simulated using (S4R) shell element with orthotropic prop-
erties as described in the previous section. Beam element (B31) has been used to
represent columns and beams. As shown in Fig. 9, fixed supports have been assigned
to all columns. A “Tie” constrain has been adopted to mimic the perfect bond and
neglect the possible slip between the slab and beams. This assumption is true as
the beams are in direct contact with the slab and act compositely. Since floor vibra-
tion caused by humans typically results in minimal mid-bay displacement, the full
composite action is ensured irrespective of the existence of stud shear connectors
[19].

7 Dynamic Analysis

Free vibration analyses have been carried out to determine the natural frequencies of
the structural models and their corresponding mode shapes. Figure 10 shows the first
five modes of vibration and the corresponding natural frequencies of the structural
model with a floor beam span of 8 m. Time history response has been performing
using modal dynamic analysis where the proposed floor has been subjected to
a human walking load considering the most unfavorable situation. The walking
frequency was considered to be 3.91/2 = 1.955 Hz. In this situation, the second
harmonic of the load was the same as the fundamental frequency of the composite
flooring, and it would be easy to excite the resonant response. The individual human
weight has been assumed equal to 750 N [15]. The load has been applied to the
central point of the slab panel to consider the worst scenario.
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Fig. 10 Mode shapes of the composite floor system with 8 m floor beam span a mode 1: 3.91 Hz;
b mode 2: 5.52 Hz; c mode 3: 6.99 Hz; d mode 4: 8.9 Hz; e mode 5: 10.14 Hz

The load has been expressed by Eq. 1 for six footsteps [15], and presented in
Fig. 11, the phase angle of 0, −π/2, π, and π/2 for the four harmonics, respectively,
while dynamic load factors have been taken according toWillford et al. [11]. Results
of the time history acceleration of the floor’s center point and its Fourier amplitude
spectrum are shown in Fig. 12. To calculate the resonant build-up, factor ρ, another
simulation with a sufficient loading time of ten seconds has been considered to guar-
antee that build-up resonance occurs. The resonant build-up factor is then calculated
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Fig. 11 Human load due to walking
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Fig. 12 Response of the floor systemwith 8 m span length under human walking excitation: a time
history acceleration, b acceleration amplitude spectrum

by dividing the acceleration response of six footsteps by the build-up resonant accel-
eration response. In the other simulation, the acceleration FRF magnitude for the
unit load applied at the panel center point is computed using a steady-state modal
analysis procedure. The single-mode response to one harmonic of the Fourier series
representing human walking is then predicted. The FRF has been scaled to display
the acceleration in the units %g/N. The peak acceleration has been calculated using
Eq. 2. The result of steady-state analysis of composite floor of 8 m floor beam span
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Fig. 13 Results of steady-state modal analysis of the floor system with 8 m span length

length is presented in Fig. 13. In both simulations, a damping ratio of 1% has been
assumed.

8 Results and Conclusions

The natural frequencies and the accelerations of the light-gauge steel–concrete
composite floors under human dynamic loading have been presented in Tables 2
and 3. Results show that:

Table 2 Time-domain analysis results

Span length Concrete type Dominant
mode

ap(%g), for
six-foot steps

ap(%g), for
build-up
resonance

Resonant
build-up
factor, ρ

5 NC 7.52 1.675 2.257 0.742

LC 7.42 2.026 2.73 0.742

6 NC 5.99 1.278 2.251 0.568

LC 6.33 1.562 2.776 0.563

7 NC 4.73 1.085 1.842 0.589

LC 4.79 1.155 2.241 0.515

8 NC 3.88 0.953 1.826 0.522

LC 3.91 1.150 2.194 0.524
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Table 3 Frequency domain
analysis results

Span length Concrete type FRF ap(%g)

5 NC 0.033 0.921

LC 0.039 1.132

6 NC 0.027 0.872

LC 0.032 1.047

7 NC 0.022 0.771

LC 0.026 0.905

8 NC 0.018 0.696

LC 0.022 0.842

• Natural frequency increases with a decrease in the floor beam span length.
• Peak accelerations of time-domain analysis are higher than the simplified

frequency domain analysis. The difference comes from the essence of the other
harmonics.

• Peak accelerations of normal weight concrete floors are less than lightweight
concrete floors.

• In the time domain analysis, the resonant build-up factor is in the range of 50–75%.
• The floor vibration is a complicated issue that the peak acceleration doesn’t

decrease with the floor beam span decrease. This is due to the interaction between
the human load with very particular dynamical characteristics associated with the
structural system, such as mass and stiffness [5].

• The human walking activity could induce the light-gauge steel lightweight
concrete composite floors to reach inappropriate vibration levels when used in the
quiet areas, resulting in a violation of the human comfort criteria for these types
of structures. Therefore, it is crucial to assess the floor vibration’s serviceability
assessment from walking activity in the design stage of these floors.
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Evaluating Nonlinear Behavior
of a Reinforced Concrete Building
with Shear Walls and Concentric Steel
Bracings

Anwar Jabar Qadesheen, Esra Mete Güneyisi, and Halmat Ahmed Awla

Abstract In this study, the seismic performance of buildings with shear wall and
steel bracing were evaluated. To this, a nine-storey reinforced concrete (RC) building
having a square plan with five bays in both directions and identical story height was
considered. The building consists of typical beam-column frames.RC shearwalls and
concentric steel bracings were used to improve the seismic behavior of the structure.
A total of five building caseswere taken into account as the existing building and those
upgraded with the shear wall, X-bracing, inverted-V bracing, and diagonal bracing.
The nonlinear static pushover and nonlinear time history analyses were performed
through ETABS Software. From these analyses, the normalized base shear versus
roof drift ratio, variation of maximum displacement and inter-storey drift ratio with
story level, and time history plots were obtained for each of the buildings with and
without shear walls and steel bracings. It was observed that the seismic capacity of
the existing RC building was noticeably enhanced with the applied wall and brace,
and its performance state altered from collapse prevention to life safety.
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1 Introduction

Thousands of reinforced concrete (RC) buildings are placed on hazardous seismic
zones, and they have a high susceptibility to damage. The common structural destruc-
tion and various total or partial failures measured in the out-coming of the late
disturbing ground shakes have witnessed the urgent need to assess the seismic
susceptibility of the existing RC structures and performing strengthening strategies
as suitable. The use of nonlinear analyses is essential to evaluate the behavior of
structures under special seismic effects. It is commonly agreed that RC frames show
highly nonlinear load-deformation response because of principally to the nonlinear
stress–strain relationship of the basic materials [1]. Under strong earthquakes, the
structural components undergo cracks, and materials inelasticity occur instead of
responding elastically. This concept is cost-effective from the design perspective [2].
Nowadays, for lateral load resisting systems, steel bracings and reinforced concrete
shear walls are commonly utilized in the structures. Reviewing the action of rein-
forced concrete structures as exposed to seismic loads provides that these structural
systems can show sufficient strength because of the material inelasticity proper-
ties and the number of adequate deformations of the buildings. The earthquake’s
input energy is absorbed by these structures and dissipated by bearing significant
displacements under nonlinear seismic behavior [3]. To moderate the seismic hazard
of existing buildings, the retrofitting system should be performed. The main objec-
tive of retrofitting systems and evaluation processes is to prevent total collapse and
identify damage of structural and nonstructural components to reduce the risk of
injury and remain necessary circulation routes available during earthquakes [4].

Some retrofitting techniques were utilized as RC shear walls, strengthening of
columns by using steel angles, column jacketing, and steel bracings [4]. It was found
that the application of retrofitting techniques to the structural system improved the
capacity of the bare frame as predicted. Esmaeili et al. [3] showed that the retrofitted
steel moment-resisting frames using shear walls had higher response modification
and higher ductility than those retrofitted by steel braces. Ghobarah and Elfath [5]
studied the effect of arranging steel bracings and distributing over the frame height
for RC structures. It was found that the distribution of the steel bracings plays a
significant role on the formation of plastic hingesmechanisms.Massumi andAbsalan
[6] conducted an investigation onRC frames using steel bracings. They demonstrated
a development in the ultimate strength of the dual system because of the interaction
between two systems. Maheri and Hadjipour [7] showed the strength capacity and
the yield capacity of the ductile RC frame increased, and the total displacement
decreased by directly applying either an X-bracing or knee-bracings which could be
performed to retrofit or design for damage level earthquake.

Durucan and Dicleli [8] suggested a system for retrofitting that arranged to
advance the performance of seismically susceptible RC structures. The proposed
seismic retrofitting schemewas collected of a rectangular steel housing framewithV-
shape braces and a yielding shear link linked between the braces and the frame. They
demonstrated that an adequate performance point was obtained for the retrofitted
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structures by using the proposed retrofitting system. Kadid and Yahiaoui [9] consid-
ered the seismic characteristics of RC structures braced by different categories of
steel braces such as zipper, inverted V, and X steel braces. It was established that
applying braces improved the global performance of the structures concerning defor-
mation, ductility, and strength. In the literature, it was also reported that different
retrofitting approaches need to be considered for different types of buildings to better
understand the compatibility and efficiency of the solution applied.

For considering the inelasticity of the frame structures, two main modeling
approaches are available, lumped plasticity method and distributed plasticity
method. Two zero-length nonlinear rotation springs are connected by an elastic line
(beam/column) element in lumped plasticity method. The springs are computing
inelasticity during loading while the rest of the element remains elastic. In the second
method, the element cross-sections are discretized into fibers and the length into inte-
gration points. It is so-called fiber element modeling [10, 11]. For this study, the first
method was used. Plastic hinges are defined to the ends of the structural elements
for representing nonlinearity.

2 Case Study and Numerical Modelling

In the study, an existing nine-storey reinforced concrete (RC) building was taken
into consideration. First of all, the RC building was assessed to show the structural
system’s nonlinear behavior and performance state. Secondly, the existing building
was upgraded by adding shear walls and concentric steel bracings. As a concentric
bracing, X, inverted-V, and diagonal bracing systems were used. The nine-storey
RC framed building has an identical height of 3.0 m at each story with 5 bays
in both X and Y directions of different spacing, as shown in Figs. 1 and 2. Five
cases of the building were evaluated; case 1: RC building frames that were taken
as existing building (EB), case 2: RC building retrofitted by shear walls (RB-SW),
case 3: building retrofitted by X-steel bracing (RB-XB), case 4: building retrofitted
by inverted V-steel bracing (RB-IVB), and case 5: building retrofitted by diagonal-
steel bracing (RB-DB). The existing building had a first natural vibration period of
1.17 s, while the upgraded building’s first natural vibration period varied between
1.02 and 0.90 s. The sections of the frame elements such as columns and beams were
formed as square and rectangular sections, respectively, and their cross-sectional
properties are varied depending on the story level. For the steel braces, pipe hollow
steel sections were utilized as profiles of HSS323.9 × 12.7. For the shear walls, RC
walls having the same thicknesses of 250 mm were inserted to each floor level. In
addition to these, the braces and shear walls were used in the same bays over the
structure’s height. In this study, the base of the existing and retrofitted structures
was assumed as a fixed base concept. However, many researchers reported that soil-
structure interaction influences the dynamic responses of structures among them
[12–16]. The dimensions of the structural elements are given in Table 1.
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Fig. 1 Plan view of a nine
story existing reinforced
concrete building

Fig. 2 View of nine-storey RC buildings: a existing building (EB), retrofitted buildings b by shear
wall (RB-SW), c by X-steel bracing (RB-XB), d by inverted V-steel bracing (RB-IVB), e by
diagonal-steel bracing (RB-DB)
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Table 1 Section element properties of the structure

Storey
No

Reinforced concrete members Steel-section

Column Beam Slab Shear wall HSS323.9X12.7

Length
(mm)

Width
(mm)

Width
(mm)

Height
(mm)

Thickness
(mm)

Thickness
(mm)

Inside Dia.
(mm)

Thickness
(mm)

1 550 550 300 600 150 250 324 12.7

2 550 550 300 600 150 250 324 12.7

3 550 550 300 600 150 250 324 12.7

4 500 500 300 600 150 250 324 12.7

5 500 500 300 600 150 250 324 12.7

6 500 500 300 600 150 250 324 12.7

7 450 450 300 600 150 250 324 12.7

8 450 450 300 600 150 250 324 12.7

9 450 450 300 600 150 250 324 12.7

Table 2 Reinforcement
details of the structural
elements

Element Floor 1,2,3 Floor 4,5,6 Floor 7,8,9

Column 12# 25 mm 12# 20 mm 12# 16 mm

Beam 8# 16 mm (4top + 4 bottom)

The concrete with compressive strength of 26MPawas used for all the RC framed
structures, the modulus of elasticity and yield stress of the steel reinforcement were
taken as 200 GPa and 420 MPa, respectively. The yield stresses of the steel braces
were considered as 350MPa. The reinforcement details of the structural elements are
given in Table 2. For the design and analysis of the buildings, ETABS 2013 Software
was utilized. For assessing the performance levels of the buildings, a nonlinear static
analysis was conducted. For this, to model the nonlinear behavior, the lumped plastic
hinges were applied to the ends of the beams and columns using FEMA-356.

Additionally, the nonlinear time history analysis was performed. The ground
motion acceleration of the 1999 Hector Mine earthquake was used, as seen in Fig. 3.
The earthquake’s magnitude was 7.13 (Mw), which was recorded at a distance of
195.9 km away from the source. The earthquake acceleration had peak ground accel-
eration of 0.268 g, peak ground velocity of 100.22 cm/s, peak ground displacement
of 146.83 cm, and strike-slip mechanism (Pacific Earthquake Engineering Research
Centre (PEER)) [17].
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Fig. 3 Acceleration time plot of the earthquake ground motion

3 Results and Discussion

From the nonlinear static analysis, capacity curves were obtained for the existing
building (EB) and upgraded buildings with a shear wall (RB-SW), X-bracing (RB-
XB), inverted-V bracing (RB-IVB), and diagonal bracing (RB-DB). The capacity
curves are given in Fig. 4. It was seen that the lateral load-carrying capacity of the
building upgraded with the shear wall was about 2.32 times greater than the existing
building. The lateral load-bearing capacity of the building retrofitted with X-bracing
was increased by 2.23 times. Moreover, the upgraded buildings with inverted-V and
diagonal bracing were measured about 1.80 and 1.61 times higher compared to the
existing building, respectively.As expected, the initial stiffness of the upgraded build-
ings also increased due to the inclusion of the shear walls or bracings. The behavior of

Fig. 4 Comparison of capacity curves of existing and upgraded buildings



Evaluating Nonlinear Behavior of a Reinforced Concrete Building … 517

Table 3 Performance limit states of the buildings

Building Performance points Natural periods Performance level

Displacement (mm) Base shear (kN) T1 (s) T2 (s) T3 (s)

EB 287.8 9646.6936 1.17 1.05 0.41 CP

RB-SW 298.5 22,417.508 0.90 0.68 0.25 LS

RB-XB 347.1 21,520.8175 0.98 0.76 0.31 LS

RB-IVB 321.4 17,385.9578 0.99 0.77 0.33 LS

RB-DB 325.4 15,601.6474 1.02 0.80 0.34 LS

the retrofitted buildings with the shear wall, X-bracing, inverted-V bracing, and diag-
onal bracing was similar in the elastic region based on the capacity curves, however,
in the inelastic region, it was varied. Among the concentric bracings, the X-braced
framed building seemed to be capable of more lateral load carrying and energy
absorption capacities than the inverted-V braced framed building. Also, inverted-
V braced framed building had more lateral load carrying and energy absorption
capacities than the diagonal braced framed building.

The performance points and corresponding performance levels were obtained
based on FEMA-356. As seen in Table 3, the existing building had a performance
level of collapse prevention (CP) while the upgraded ones improved to life safety
(LS) Fig. 5.

From the nonlinear time history analysis conducted under the Hector Mine earth-
quake, the maximum displacement and inter-story drift variations along the height
of different buildings were obtained as given in Figs. 6 and 7, respectively. It was
observed that the story displacement reducedwith the use of upgrading schemes. The
level of the reduction was dependent on the retrofitting method. Moreover, the inter-
story drift ratio distribution of the retrofitted buildings had a leaning towards being
more uniform along with the building’s height compared with the existing building.
It was found that the maximum inter-story drift ratio of the existing building was
about 0.82% while this ratio varied for the buildings with shear walls, X-bracings,
inverted-Vbracings, and diagonal bracing as about 0.42%, 0.44%, 0.49%, and 0.57%,
respectively.

Furthermore, the roof story displacement variation with the time of the existing
and retrofitted buildings is given in Fig. 8, while the base shear time history variation
of the current and retrofitted buildings is shown in Fig. 9.

4 Conclusion

The following conclusions were drawn from this study:
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Fig. 5 View of the plastic hinge formation for; a EB, b RB-SW, c RB-X, d RB-IV, e RB-D

Fig. 6 Maximum story displacement for the buildings under the earthquake

• The nonlinear analysis carried out on the existing and retrofitted buildings indi-
cated that the capacity curves had more significant values of lateral strength and
stiffness for the upgraded buildings than the existing building.
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Fig. 7 Maximum inter-story drift for the buildings under the earthquake

• The retrofitted cases with shear wall and X-bracing systems had about 2.32 and
2.23 times higher load-carrying capacity than the existing building, respectively.
In the case of using an inverted-V brace and diagonal brace, these values were
about 1.80 and 1.61, respectively.

• X-braced framed buildings seemed to be the highest load carrying and energy
absorption capacity among the upgraded buildings with concentric bracings based
on the capacity curves.

• The performance level of the existing building improved from collapse prevention
to life safety after retrofitting.

• From the time history analysis results, it was observed that the maximum inter-
story drift ratio of the retrofitted buildings varied from 0.42 to 0.57% while that
of the existing one was obtained as 0.82%.

• It was also noted that the seismic behavior of the buildings could be modified by
selecting a proper retrofitting solution.



520 A. J. Qadesheen et al.

(a) (b)

(c) (d)

-20

-15

-10

-5

0

5

10

15

0 50 100

Di
sp

la
ce

m
en

t (
cm

)

Time (s)  

EB

-15

-10

-5

0

5

10

0 50 100

Di
sp

la
ce

m
en

t (
cm

)

Time (s)  

RB-SW

-15

-10

-5

0

5

10

15

0 50 100

Di
sp

la
ce

m
en

t (
cm

)

Time (s)  

RB-XB

-15

-10

-5

0

5

10

15

0 50 100

Di
sp

la
ce

m
en

t (
cm

)

Time (s)  

RB-IVB

(e)

-15

-10

-5

0

5

10

15

0 50 100

Di
sp

la
ce

m
en

t (
cm

)

Time (s)  

RB-DB

Fig. 8 The ninth story-displacement time history variations of the existing and retrofitted buildings
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Fig. 9 Base shear time-history of the existing and retrofitted buildings
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Yield Line Model for Estimation Shear
Strength UHPC Non-prismatic Beams

Nasser H. Tu’ma and Abdulmuttalib I. Said

Abstract The massive and rapid development of material technology, including
Ultra-High-Performance Concrete (UHPC), has prompted researchers to study the
behavior of the specific structural elements under the influence of various resistances,
including shear resistance. Despite the large number of tests database that highlighted
the study of shear resistance, the shear design of UHPC beams with variable cross
section was yet not treated as a physical model based on the theory of plasticity.
Eelven UHPC non-prismatic beams arranged as five groups with multiple variables
of the shear span to depth ratio, the concentration of steel fibers, change of geom-
etry slop, longitudinal rebar ratio and hollows positions were studied without shear
reinforcement. Yield Line Model was derived for the UHPC non-prismatic beam
and compare it with experimental results. The Yield Line Model gave a very good
accuracy than its experimental data.

Keywords Yield line theory · Inclination angle · Shear capacity · Steel fibers ·
Non-prismatic beam · UHPC

1 Introduction

The tapered beam is widely used in mid-rise buildings, bridges, and structures as
well as its aesthetic advantage. The presence of longitudinal hollows plays an impor-
tant role in reducing dead weights that contributes to increasing space and raising
the efficiency of the structural member. On the other hand, facilities can be passed
through. No studies are available to determine the shear resistance of UHPC variable
shaped structural members having longitudinal holes. Besides, no plastic method as
analysis aid was carried out in estimation the shear resistance of such members. The
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present study provides a method for the upper limited solution so-called Yield Line
Model.

Generally, the shear capacity depends onfivemechanismswhich are shear stress in
the compressive concrete zone, Aggregate interlock, dowel action of the longitudinal
reinforcing bars, arch action, and residual tensile stresses transmitted directly across
the cracks [1]. The shear load carrying mechanism for UHPC was proposed and it is
hypothetically divided it into three components: (i) composite action of thematrix and
the fiber; and (ii) the shear capacity provided by the average fiber tensile resistance
(before fiber pull out) acting along the diagonal cracks; and (iii) is shear provided
by stirrups and prestressing [2, 3]. The shear strength of prestressed UHPC I—beam
as well as the flexural behavior were studied [4]. The theoretical shear strength was
carried out by adding truss analogy with a constant crack inclination of (45°). The
truss model consisted of a lower cord, top cord, vertical ties, and inclined struts.
The effecting of prestressing modeled by an external force applied on pin support.
Additional lateral strut(s) modeled to represent the vertical component of an inclined
or curved tendon. The model for UHPC specimens without shear reinforcement was
introduced as [5]:

Vu,ct = 2

3
.bw.kx .d. fct .

(
4.d

a

) 1
4

.

(
5.lch
d

) 1
4

(1)

where lch = EcG f

f 2ct
is the characteristic length;G f is the fracture energy of HUPC and

has a value of 143 N/m. The shear capacity of varying depth beam was studied [6].
The analysis based on British standard and ACI-318 combined with inclined forces
can be used to reduce shear forces in the web of a beam section. The effective shear
force method was following force equilibrium and assumed as a parabolic distri-
bution of shear stress on each cross-section. The behavior of 18 concrete haunch
beams subjected to high shear load without shear reinforcement was investigated
[7]. German Code (DIN1045-01), the Swiss Code (SN 262–2003), the ACI Code
(ACI 318 − 05) and the Canadian Standards (CSA A23.3–2004) were chosen and
comparedwith the experimental results.Many variables were included such as longi-
tudinal rebar, inclined angle, and shear span to depth ratio. All beams were tested by
single point load.

2 Yield Line Model

EquationDerivation. It is also knownCrackSlidingModel (CSM) for plain concrete
and was considered as an application of plasticity model for structural concrete
elements [8]. In CSM, it is assumed that diagonal crack is generated as straight
lines from the load point to the horizontal distance of the diagonal crack from the
support (x). Also, it assumes that the over reinforcement case of main bars. The
relative displacement (u) along the critical diagonal crackwas to be vertically directed
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(Fig. 1a). Using the upper bound approach of plastic theory and based on the beam
failure mechanism in Fig. 1b. The work equation Wi = We and the upper bound
solution will be:

Vu × u = 1

2
× f c∗ × b × (1 − sin α) × h(x)

sin β
× u (2)

where b = width of the beam, α = 90 − β, sin(90 − β) = cos(β), h(x) =
h1 + 2(h2 − h1).x/L and fc∗ is the effective compressive strength Which will be
discussed hereafter. The Vcr can be obtained by taking moment about point (A),
Fig. 1b.

Vcr × a = 1

2
× f t∗ × b × [

h(x)2 + (a − x)2
]

(3)

where f t∗ is the effective tensile stress which will also be discussed hereafter.
According to the plastic theory, when the two curves intersect the crack may develop
into a yield line and a shear failure takes place. So, the solution may be obtained by
equal Eqs. (2)–(3) as:

f c∗ ×
⎧⎨
⎩

√
1 +

[
a − x

h(x)

]2

− a − x

h(x)

⎫⎬
⎭ = f t∗ × h(x)

a

{
1 +

[
a − x

h(x)

]2
}

(4)

The solution of Eq. (4) can be carried out by trial and error for (x) value and 0 ≤
x ≤ a.

Effective Stresses. For compressive concrete, the evaluation of the effective
compressive strength ( f c∗) was done by multiplying the cylinder compressive
strength f c′ by the effectiveness compressive factor νc,which accounts for the limited
crack sliding resistance and ductility of the material as 0.8 [9]. Variable Engagement
Model (VEM06) to represent the slip between the fibers and the concrete matrix that
occurring before full bond stress and the fibers across a crack had been created [10].
The constitutive tensile law was used in terms of tensile tension and crack opening

Fig. 1 Yield line model a yield line, b cracking load
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Fig. 2 Geometry and details of tested beam [12]

displacements (w). Effective tensile stress ranged from70 to 90%of tensile stress that
corresponding to crack width 0.5–1.5 mm. Therefore, the effectiveness tensile factor
was taken as (νt = 0.8). The average residual tensile stress carried by the fibers across
a shear crack from cracking until a limiting strain value was assumed as a uniform
intensity of 6.9 MPa (1.0 ksi). As well as a suggestion of a uniformly distributed
residual tensile stress along with the tensile depth of approximate 8 MPa (reducing
the tensile strength which that was taken as 10 MPa (1.5 ksi) by multiplying by 0.75
factor) [11].

Collection Data. Generally, all preparing and collected data are taken from
previous study available for verification purpose of the proposed model. The details
of the data, and geometry of the beams is presented in Fig. 2 [12]. The shear span to
depth ratio of all beams is 2.73 except for the specimens UHPCTB 1 and UHPCTB
9 which were 2.3 and 2.94, respectively. The inclination angle of all beams kept
constant and equal to 15.9°, while in specimens UHPCTB 2 and UHPCTB 3 were
9.7° and 12.8°, respectively. The steel fiber ratio considered is 2% for all specimens
and 0%, 1% for the specimens UHPCTB 19 and UHPCTB 20; respectively. The
depth of the beam at the support is 180 mm and varied at mid span to become 315,
360 and 405 mm. All beams were reinforced with main steel of 2 F 25 mm, but in
the specimen UHPCTB 8, UHPCTB 19, and UHPCTB 20 is 4 F 16 mm (Fig. 3).

3 Results and Discussion

In this paper, the residual tensile stress values were obtained from equating the labo-
ratory shear resistance with the theory and then subtracting the values of the concrete
shear compounds (Vc) and dowel action (Vda) to obtain the steel fibers shear compo-
nent (Vf) and then dividing it by the equation constants to obtain the residual stress.
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Fig. 3 Mode of failure for specimen UHPCB10 [12]

Figure 4 shows the residual tensile stress values for all samples based on the labo-
ratory results. Also, the values of the horizontal distance of the yielding line from
the support (x) were fixed in practice and it was zero for all beams. Effective stress
coefficients for both compression and tensile were adjusted to obtain the required
convergence and perform a solution of Eq. 4. Comparison of laboratory shear resis-
tances with yield model, failure angles, effective stress coefficients in the below
Figs. 4 and 5 and Table 1.

The Residual Tensile Stress (RTS) depends on the volumetric fraction of steel
fibers, aspect ratio and the shape of their ends. For beams with 2% of steel fiber, RTS
had an average value of 7 MPa which it is close to most sources such as Japanese
as well as US codes. While the beam with a ratio of 1% steel fiber, RTS was found
4.75 (two-thirds of the stress value at 2% steel fibers). For the specimen without steel
fibers (0%) is not included in this model due to impossibility to generate effective
tensile stress. The effective compressive stress and tensile coefficients (vc and vt)
were obtained from trial and error method to obtain a plastic solution of Eq. 4, Table
1.

Fig. 4 Residual tensile stresses
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Fig. 5 Effective compression and tension coefficients

Table 1 Experimental and yield shear loads

Beam ID Experimental Yield line model VY/Vexp. (%)

VEXP (kN) 8Exp (Degree) VY (kN) 8 yield (Degree)

UHPCTB1 208.0 18.4 208.5 18.4 100.2

UHPCTB9 230.0 20.4 233.9 14.6 101.7

UHPCTB10 216.0 19.8 218.7 15.7 101.2

UHPCTB2 181.0 22.3 183.0 15.7 101.1

UHPCTB3 187.5 21.2 188.7 15.7 100.6

UHPCTB10 216.0 19.8 218.7 15.7 101.2

UHPCTB 8 223.0 16.9 225.8 15.7 101.3

UHPCTB19 55.5 19.8 57.2 NA NA

UHPCTB20 140.5 17.2 142.9 15.7 101.7

UHPCTB 7 185.0 20.1 185.8 15.7 100.4

UHPCTB 8 223.0 16.9 225.8 17.1 101.3

UHPCTB10 216.0 19.8 218.7 15.7 101.2

UHPCTB 5 231.0 18.3 234.4 15.7 101.5

UHPCTB 6 243.0 18.1 243.0 15.7 100.0

UHPCTB 9 230.0 20.4 233.9 15.7 101.7

Average 101.1

The average effective compressive coefficient (vc) was 0.75, while the average
effective tensile coefficient (vt) was 0.58. For the beam of one percentage steel fibers,
vc reached a value of 0.5 (two-thirds of 0.75) whereas vt remained 0.58 that indicates
the effective contribution of steel fibers in raising the efficiency of the section in terms
of shear and its minimal impact on bending resistance. The results of shear angle
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of failure were also closed except the specimen without steel fiber which consider
out of comparison due to absence of steel fibers and therefore zero residual tensile
stress.

4 Conclusion

The procedure that followed in designUHPC tapered beam gave a significant conver-
gence between theoretical and experimental shear strength and ensuring the shear
failuremode.All beams had the tip point of failure line ends experimentally at support
(x = 0). The volumetric steel fiber of two percentage gave higher results. The effec-
tive compressive (vc) and tensile coefficient (vt) can be used as mean values of 0.75
and 0.58; respectively. Both The shear plane failure (angle of failure) for YLM and
experimental are closed and were less than 25°. The using of residual tensile stress
that adopted in this paper of 7 MPa for all beams of 2% steel fiber content and
two-thirds of it for 1 percentage of steel fiber. Also, Yield Line Model can cover the
varying in longitudinal rebar ratios, existing longitudinal hollows and varying volu-
metric steel fiber ratios. Max. experimental and YLM shear strength can be obtained
when increasing the geometry slop (h1 = 2.25 h2).
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Evaluation of Live Load Distribution
Factors of a Highway Bridge

Abbas A. Allawi, Abdulmuttalib I. Said, Mohannad H. Al-Sherrawi,
Amjad Albayati, Mohanned Al Gharawi, and Ayman El-Zohairy

Abstract The design of bridges depends on the transverse distribution characteris-
tics of the live load that is carried. The study goal is to evaluate experimentally and
numerically the Live Load Distribution Factors (LLDFs) proposed by the American
Association of StateHighway andTransportationOfficials (AASHTO) specifications
for a case of highway bridge with a composite steel–concrete structural system.
Different trucks have been used to attain the static tests and achieve maximum
values for the design live loads and deflections for the composite steel–concrete
bridge girders. Furthermore, a linear finite element analysis has been executed for
the composite bridge to outspread the LLDFs assessment and to study the influence
of the Cross-FrameDiaphragm (CFD) on the LLDFs. Themoment LLDFs quantities
have been calculated according to AASHTO specifications, they have been found
more conservative while shear quantities have been found critical, especially in exte-
rior girders. Also, the contribution of CFD in the spread of the live load among the
girders has been verified by the redistribution of the LLDFs between the internal and
exterior girders.

Keywords AASHTO · Composite bridge · LLDFs · Static load test · Finite
element

A. A. Allawi · A. I. Said · M. H. Al-Sherrawi (B) · A. Albayati
Department of Civil Engineering, University of Baghdad, Baghdad 10071, Iraq
e-mail: dr.mohannad.al-sherrawi@coeng.uobaghdad.edu.iq

A. A. Allawi
e-mail: a.allawi@coeng.uobaghdad.edu.iq

A. I. Said
e-mail: dr.abdulmuttalib.i.said@coeng.uobaghdad.edu.iq

M. Al Gharawi
Department of Civil and Environmental Engineering, University of Missouri, Columbia, MO
65211-2200, USA

A. El-Zohairy
Department of Engineering and Technology, Texas A&M University-Commerce, Commerce, TX
75429, USA
e-mail: ayman.elzohairy@tamuc.edu

© The Author(s), under exclusive license to Springer Nature Singapore Pte Ltd. 2022
M. O. Karkush and D. Choudhury (eds.), Geotechnical Engineering and Sustainable
Construction, https://doi.org/10.1007/978-981-16-6277-5_43

531

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-16-6277-5_43&domain=pdf
mailto:dr.mohannad.al-sherrawi@coeng.uobaghdad.edu.iq
mailto:a.allawi@coeng.uobaghdad.edu.iq
mailto:dr.abdulmuttalib.i.said@coeng.uobaghdad.edu.iq
mailto:ayman.elzohairy@tamuc.edu
https://doi.org/10.1007/978-981-16-6277-5_43


532 A. A. Allawi et al.

1 Introduction

In the bridge deck design process, the internal forces andmoments in different bridge
members are needed to be known. The Live Load Distribution Factors (LLDFs) are
usually utilized to compute stresses in bridge members due to shear forces and
bending moments. The availability of these factors can certainly make the design of
such complex structural systems easy. By using finite element (FE) analysis, these
factors can be determined. Other researchers made many attempts who adopted live
load configurations presented by different specifications and codes. Over the past
two decades, the efforts of improving LLDFs have been steadily growing.

2 Related Works

Zokaie [1] presented the background on the development of the formulas and
compared their accuracy. Tabsh and Tabatabai [2] performed a FE analysis on
different bridges to study the effect of span length on the LLDFs obtained by Amer-
ican Association of State Highway and Transportation Officials (AASHTO) specifi-
cations, and the main conclusion confirmed minor effects on the LLDFs. Kim et al.
[3] introduced the LLDFs of various NATOwheeledmilitary trucks on a simple-span
steel I-girder bridge using three-dimensional finite element analysis. Li and Chen [4]
presented a framework to calculate the LLDFs for a bridge girder. A combination
of a single girder in the longitudinal direction and a cross-section frame sitting on
the girder springs in the transverse direction. Seo et al. [5] presented a novel statis-
tical framework to calculate the LLDFs for steel–concrete composite bridge girders
exposed to agricultural vehicles. This framework was consisted of multiple parts,
including live load field testing, FE analysis, and statistical analysis. Fatemi [6] used
FE modeling to determine the LLDFs of steel concrete composite bridges subjected
to loads recommended by the Australian Bridge Design Code. Based on FE analyses,
Tabsh and Mitchell [7] developed a simple approach by adjusting the AASHTO’s
bridge girder distribution factor in a concrete slab on a steel girders bridge. The
proposed factors allowed for obtaining the oversized vehicle bending moment and
the shear force effect in the individual girders. Allawi et al. [8] investigatedAASHTO
specifications LLDFs for prestressed reinforced concrete bridges experimentally and
numerically using three load cases to obtainmaximum live load and deflection values
for all bridge girders.

The cross-frame diaphragms (CFD) are secondary elements, placed at bridge
ends and at intermediate locations with spacing not to exceed 7.5 m as in AASHTO
specifications. The CFD fixed in a continuous line across the bridge [9]. Several
previous researchers reported the effects of using the CFD on the LLDFs in bridges
[10]. Bishara [11] utilized the FE program ADINA to investigate simple span steel
bridges and improved a procedure to obtain internal forces in the CFD and stated that
it could provide load-sharing capabilities. Shi [12] stated that the critical stage for the
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buckling of the steel girders occurs during the concrete pouring process; therefore,
using intermediate CFD can solve the problem and help negative moment regions
resist wind loads girders bottom flange. Khaloo andMirzabozorg [13] confirmed that
the arrangement of CFD has a significant effect on the LLDFs associated with the
skew angles. Watheej and Al-Sherrawi [14] have studied the effects of CFD shape,
spacing, and connection with steel girders on the deflection of the bridge by using
linear FE method. Morera [15], using FE analysis, recognized that increasing the
torsional strength of the cross-section has more positive effects than increasing the
CFD number in a skew steel bridge. Hassel et al. [16] evaluated, using 3D FEmodels,
the effects of stiffness, layout, and spacing of CFD and load placement on a skew
steel bridge. Fettahoglu [17] generated the complex geometry of conventional steel
orthotropic bridge by FE program, and the effect of the span and the web thickness
of the cross-beam on the steel bridges were evaluated.

Said and Lateef [18, 19] investigated the effect of the bridge deck curvature on the
shear and moment distribution factor under the impact of AASHTO LRFD HL-93
live load. Zhang [20] analyzed the LLDFs of hollow core slab bridges before and
after widening using a theoretical and FE method. At the same time, Tabsh [21]
developed simple girder distribution factors for shear and flexure for short slab-on-
girder bridges subjected to oversize vehicles. The contribution of the concrete deck
bridge and the composite action to shear and moment strengths of a composite beam
is not taken into account in current design specifications and codes [22]. Liu et al. [23]
calibrated LLDFs in AASHTO Specifications by using a large amount of collected
data in the USA for years between 2001 and 2013. Peker and İnce [24] demonstrated
the accuracy and appropriateness of using LLDFs calculations in structural analysis
according to AASHTO specifications by comparing the results obtained with the FE
results that perform precise and exact analysis. While the results of Dong et al. [25]
showed that the LLDFs calculated by the AASHTO standard gave more conservative
results when compared with the experimental and FE analysis approaches.

This study aims to evaluate experimentally and numerically LLDFs recommended
by AASHTO specifications for Al-Mustansria highway composite steel–concrete
bridge. The bridge is located in Baghdad-Iraq and is made of four steel plate girders
connected by the shear connectors to the 200 mm thick reinforced concrete deck.
The experimental work has been done using different arrangements of trucks to get
maximummoment due to values of live loads anddeflections for all the bridge girders.
A FE analysis was implemented for the bridge to extend the LLDFs evaluation and
obtain the effect of CFD on the LLDFs.

3 Experimental Test

Al-Mustansria bridge is a simply supported steel–concrete composite bridge with
straight axes and spanning 33.95 m with 7.5 m width. The cross-section of the
composite bridge is shown in Fig. 1. The steel plate girder has three different steel
cross-sections along its length, as defined in Fig. 2 and Table 1. Two rows of steel
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Fig. 1 Al-Mustansria highway bridge cross-section

Fig. 2 The three different steel cross-section locations

Table 1 Section details of the three different steel cross-sections

Cross-section 1–1 2–2 3–3

Height, d (mm) 1200 1630 1650

Bottom flange width, b1 (mm) 500 500 500

Bottom flange thickness, t1 (mm) 25 25 25

Top flange width, b2 (mm) 450 450 450

Top flange thickness, t2 (mm) 25 25 25

Web thickness, tw (mm) 14 14 14

Cover plate width, bc (mm) 450

Cover plate thickness, tc (mm) 20

channels (C 100 × 50 × 10) shear connectors have been used to connect the bridge
deck to the steel plate girders. Each shear connector was welded to the top steel
flange at 350 mm center to center.

Figure 3 shows the steel plate girders’ top view and the locations of the CFD, and
Fig. 4 illustrates details of CFD that have been used in the bridge.
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Fig. 3 Steel girders top view

Fig. 4 Details of
cross-frame diaphragms

4 Locations of the Trucks

Figure 5 shows the details of the three axles, 248 kN truck, that has been used in the
experimental work. The bridge load test had been done by dividing the carriageway
of the bridge into two notional lanes and arranging the trucks in two cases:

Case one: Four trucks located at the central zone of the carriageway of the composite
bridge, as shown in Fig. 6a.

Case two: Eight trucks located and regularly spaced at the whole carriageway of the
bridge, as shown in Fig. 6b, to get maximum moments and deflections due to living
load in the bridge girders.
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Fig. 5 Details of the
three-axle 248 kN truck

Fig. 6 The arrangement of vehicles, a case one, b case two

5 Finite Element Analysis

In this work, ANSYS program has been employed in linear analysis of Al-Mustansria
composite steel–concrete bridge. Figure 7 presents FE model for the bridge under
consideration. SHELL63 element has been adopted to represent theweb, flanges, and
vertical stiffeners of the steel plate girders [26]. While the solid element, SOLID65,
has been used to model the concrete bridge deck [27]. Two special elements,
TARGE170 and CONTA175, were used to simulate the inconsistency of DOFs
between the top flange of steel flange shell element and deck solid element [28].
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Fig. 7 FE model for bridge
under consideration

Fig. 8 Comparison between the measured and FE deflection values for, a case one, b case two

The full connection between steel flanges and the concrete deck has been adopted
[29].

For all FEmodels, the deflection values at themid-girders span have been attained.
Figure 8 is a plot of the field measured and the FE deflection values. According to
this comparison, it can be noticed that there is a good agreement between deflection
values of experimental and FE analysis. The main reason for higher values in the FE
analysis is that assuming a theoretical simply supported ends in the FE model made
the bridge more flexible.

6 Evaluation of the LLDFs

Nowadays, most bridges’ designers use empirical formulas or simplified methods
listed in specifications and codes to calculate the LLDFs for non-skewed bridges.
AASHTO specifications present procedures for estimating moment and shear
distribution factor (g) for a composite steel–concrete girder as following [30]:

A. LLDFs for Internal Girders.
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In the case of one design lane loaded,
For moment:

gint. = 0.06+
(

S

4270

)0.4(S

L

)0.3( Kg

L t3s

)0.1

(1)

For shear:

gint. = 0.36+ S

7620
(2)

In the case of two or more design lanes loaded,
For moment:

gint. = 0.075+
(

S

2900

)0.6(S

L

)0.2( Kg

L t3s

)0.1

(3)

For shear:

gint, = 0.2+ S

3657.6
−

(
S

10668

)2

(4)

where L is the span of the girder (mm), S is the spacing between girders (mm), ts
is the depth of the concrete bridge deck (mm), and Kg is the longitudinal stiffness
parameter that can be obtained from [30]:

Kg = n
(
I+ Ae2g

)
and n = EB

ED
(5)

where n is the modular ratio, I is the moment of inertia of the bridge girder (mm4),
A is the cross-section area of each girder (mm2), eg is distance between the center
of gravity of the basic beam and the deck (mm), EB is girder material modulus of
elasticity (MPa), and ED is deck material modulus of elasticity (MPa).

B. LLDFs for External Girders.

In the case of one design lane loaded, Lever Rule for moment and shear.
In the case of two or more design lanes loaded,
For moment:

gext. =
(
0.77+ de

2775

)
gint. (6)

For shear:
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gext. =
(
0.6+ de

3048

)
gint. (7)

where de is horizontal distance from interior edge of curb or traffic barrier to center-
line of web of exterior girder at the bridge deck level (mm). In a slab-multi-girders
bridgewithCFD, the distribution factors for themoment in an exterior girder shall not
be taken to be less than thatwhich can be calculated by supposing bridge cross-section
deflects and rotates as rigid body [30]:

R = NL

Nb
+ Xext

∑
NL

e∑
Nb

X2
(8)

where R is the reaction on an exterior girder in terms of lanes, NL is the number of
loaded lanes that under consideration, Nb is the number of the bridge girders, Xext is
the horizontal distance from center of gravity for configuration of girders to exterior
girder (mm), e is the eccentricity of the design truckor the design lane load fromcenter
of gravity of configuration of girders (mm) and X is horizontal distance from the
center of gravity of configuration of girders to each bridge girder (mm). The extreme
live load force effect can be determined by considering all possible combinations
of a number of the loaded lanes multiplied by the corresponding multiple presence
factor to account for the probability of the simultaneous lane occupation by design
live load [30]. This factor shall not be applied in conjunction with the approximate
LLDFs, except where the lever rule is used or where special conditions for exterior
girders in slab on multi girders bridges.

7 LLDFs from Experimental and FE

LLDFs for a moment in a bridge girder can be calculated by dividing the obtained
experimental or FE deflections by deflection obtained from structural analysis of a
single line of loaded lane affected on a single girder. Table 2 lists the obtained LLDFs
for all four girders for the steel–concrete composite bridge under the two cases of
loading. Moreover, Fig. 9 presents the LLDFs for the moment due to experimental

Table 2 Comparison of LLDFs for moment in the bridge

Girders Case one Case two

Experimental FE AASHTO Experimental FE AASHTO

G 1 0.308 0.376 0.491 0.338 0.378 0.491

G 2 0.337 0.428 0.632 0.372 0.423 0.632

G 3 0.445 0.476 0.632 0.389 0.471 0.632

G 4 0.482 0.522 0.631 0.418 0.516 0.631
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Fig. 9 The LLDFs for moments due to experimental test, FE analysis, and AASHTO formulas, a
case one, b case two

Fig. 10 The LLDFs for shear due to FE analysis and AASHTO formulas, a case one, b case two

test, FE analysis, and AASHTO in two loading cases. Interestingly, LLDFs values
calculated according to AASHTO formulas seem to be more conservative compared
to experimental and FE results. This reveals a need to improve new formulas to calcu-
lateLLDFs that are closer to the actual values.At the same time,LLDFs for shear have
been calculated from FE analysis results and AASHTO formulas. Figure 10 illus-
trates the LLDFs for shear for FE analysis and AASHTO formulas for the bridge
girders due to the two loading cases. The values of the LLDFs of shear obtained
from AASHTO formulas are more conservative for the interior bridge girders, but it
seems more critical for the external girders.

8 Effect of CFD

Aparametric study has been done to inspect the effects of CFDon deflection behavior
and LLDFs for the moment and shear of the bridge under consideration. With and
without CFD, two FE models have been modeled and analyzed to perform this para-
metric study. Figure 11 compares themid-span FE deflection due to Case two loading
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Fig. 11 The mid-span FE
deflections due to Case two
loading for the composite
bridge

Fig. 12 Effect of CFD on the LLDFs for composite bridge, a for the moment, b for shear

for the composite bridge with and without CFD. The results report the importance
of the CFD to redistribute live load among bridge girders. Figure 12 presents the
effect of CFD on the LLDFs for the moment and shear for the bridge. The CFD
effects on the live loads distribution between bridge girders were set by decreasing
and increasing the LLDFs for the internal and exterior girders.

9 Conclusions

Depending on the experimental test, FE analysis, and AASHTO formulas results
obtained in this study for a composite highway bridge, the following conclusions
can be drawn:

• Moment LLDFs values calculated according to AASHTO formulas are more
conservative than the experimental and FE values.

• AASHTO LLDFs shear formula values seem to be critical for exterior girders.
• The presented FEmethod can be adopted accurately in analyzing composite steel–

concrete bridges.
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• The importance of the CFD to dispense live load effects on bridge girders was set
by decreasing and increasing the LLDFs for the internal and the exterior girders,
respectively.
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Numerical Analysis of Historical
Masonry Minaret Subjected to Wind
Load

Alaa Hussein Al-Zuhairi, Ammar R. Ahmed, and Salah R. Al-Zaidee

Abstract The present paper describes the behavior and response of an unreinforced
masonry historical minaret when subjected to wind pressure as a main external
loading.Three-dimensional nonlinear finite element analysiswas performed toobtain
lateral displacements of the minaret shaft and stresses in its components. Abaqus
software with implicit solver was utilized for finite element modeling and nonlinear
analysis of a historical masonry minaret subjected to wind load. Clay brick masonry
units, mortar, and unit-mortar interfaces were modeled individually to permit the
studying of each component separately. The shaft of the minaret was divided into
brick courses (Bayors) separated by horizontal mortar joints. Two analyses were
conducted on the minaret model, considering first its weight alone and in addition
to wind loading second. The results showed that the unreinforced masonry minaret
could resist the compressive stresses induced by the self-weight of its components.
Also, lateral displacements and compressive and tensile stresses results due to the
effect of wind pressure and minaret’s weight simultaneously were obtained, which
showed that the minaret exhibited an adequate resistance to the wind with a speed
of 120 km/h.

Keywords Abaqus · Finite element method (FEM) · Nonlinear analysis ·
Unreinforced masonry minaret ·Wind loading

1 Introduction

Minarets are tall, slender constructions; they are prominently observed in Islamic
culture. It is regularly built close to or adhered to the sidewall of mosque struc-
tures. In several Islamic majority nations, minarets play the landmark role for being
the identifier of mosques from a far distance. Also, it is the place at which the

A. H. Al-Zuhairi (B) · A. R. Ahmed · S. R. Al-Zaidee
Civil Engineering Department, University of Baghdad, Baghdad, Iraq
e-mail: alaalwn@coeng.uobaghdad.edu.iq

S. R. Al-Zaidee
e-mail: Salah.R.Al.Zaidee@coeng.uobaghdad.edu.iq

© The Author(s), under exclusive license to Springer Nature Singapore Pte Ltd. 2022
M. O. Karkush and D. Choudhury (eds.), Geotechnical Engineering and Sustainable
Construction, https://doi.org/10.1007/978-981-16-6277-5_44

545

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-16-6277-5_44&domain=pdf
mailto:alaalwn@coeng.uobaghdad.edu.iq
mailto:Salah.R.Al.Zaidee@coeng.uobaghdad.edu.iq
https://doi.org/10.1007/978-981-16-6277-5_44


546 A. H. Al-Zuhairi et al.

muezzin announces azan. Azan calls on people to gather for the coming prayer; azan
is announced five times every day through the minarets. Mosques were constructed
at the beginning of the Islamic era without minarets. The prayer calls for that period
of time were accomplished by standing on an elevated platform or the rooftop of the
house of Prophet Muhammad; may God bless him [1]. It is not clear when the first-
ever minaret was built. However, it is agreed upon by several scholars that the first
minaret in its present form was built during Umayyad caliphate rule in Damascus
(Syria) in the early 700 s [2, 3].

The majority of the recent minarets are constructed as reinforced concrete (RC)
structures that permit structural engineers and architects to design and revolutionize
tall minarets with lower fundamental vibration frequencies than masonry minarets.
Even thoughminarets were not a familiar façade of most primitive mosques nonethe-
less, they are still regarded in various Islamic countries like Iraq, Turkey, Egypt, Saudi
Arabia, Morocco, etc. as the most architecturally significant objects of the cultural
heritage from the era of Othman empire that became adjacent with Islamic shrines.
The architectural design and structural system differences found in minarets stem
fromdifferences in the cultural society, constructionmaterials available, construction
techniques, and workmen background [1]. A typical minaret in the Othman empire
era is an assembly of standard components comprising of foundation or footing,
pulpit or boot, transitional segment, body/shaft which has a cylindrical shape, one
or more balconies, the spire crest, ornamented end, and internal helical stairs, as
depicted in Fig. 1.

Theminaret’s foundation is built either as separate footingor in attachment to some
of the bearingwalls of themosque. The base of theminaret, which is referred to as the
pulpit, is the minaret’s lower part that rises above the foundation. It commonly has a
square or polygonal shape. The function of the transitional segment is to avoid inter-
rupting transition from the larger-size base (pulpit) to the lesser-size minaret body
that usually has cylindrical or polygonal shapes. The main component of the minaret
(minaret shaft) that comprises a cylindrical or polygonal column is surrounded by
a set of helical stairs arranged so that they are running counter-clockwise on the
way around the shaft and up to the balcony (or balconies). The internal running
spiral stairs enhance the minaret body’s t structurally against the effects of lateral
loads such as wind and seismic loadings. The balconies act as structural connectors
between the two successive cylindrical parts along the minaret height. Historically,
minaret balconies were functioned to be the platform from azan is announced. With
the invention and accessibility of loudspeakers, balconies are no longer utilized for
this purpose; instead, balconies are now constructed for aesthetics and decoration
purposes. Theminaret crest is the segment between the last balcony and spire. Finally,
the spire or minaret cap functions as a roof. It normally has a conical shape, built
with materials of the same or different properties than those used for the minaret
body [4].

The behavior of minarets subjected to horizontal loads is somewhat different
from the trend of other structures due to their unique features like supporting, shape,
and slenderness ratio [1]. Many minarets were destroyed due to lateral loads such
as destructive seismic activities and strong winds, causing loss of livelihoods and
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Fig. 1 Parts of a typical Othman minaret [4]

belongings. Several studies investigated the behavior and performance of minaret
constructions subjected to lateral loads, while other researchers like [4–7] studied
the seismic response of cylindrical structures such as chimneys and minarets. An
analytical study using a three-dimensional FE model was conducted by [8] to inves-
tigate the seismic response of a historical minaret in Istanbul. The study comprised
of two FE models, one of natural stone block masonry minaret and the other of a
retrofitted minaret by fiber reinforced cementitious matrix (FRCM) material. The
researcher concluded the efficiency of applying FRCM confinement to eliminate the
high risks for existing non-strengthened historical minaret due to the effect of prob-
able (above 0.6 g PGA) earthquakes with a considerable chance of occurring for
the following 30 years near Istanbul. However, only a few obtainable studies were
concerned with the response of minaret under wind loading.

Not too long ago, the Turkish press media reported that some minarets were
damaged or destroyed during a wind storm because of the effects of wind. However,
detailed information regarding the number of disasters was absent from the press.
However, the news dated 27 Feb 2002 stated that the historical minaret in Icel in
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Mersin Province was destroyed due to a wind speed of 96 km/h. Likewise, the 15 m
height minaret of Ulu mosque in Kahramanmaras city was damaged due to the wind
speed of 60 km/h [1] on 24 July 2005. Even if the casualty numbers because of the
fallen minaret as a consequence of the effects of wind pressure are not stated in the
press and may be very small but, in many cases, causes significant economic and
sentimental damages [1]. This paper aims to study the response of a virtual historical
masonry minaret subjected to wind pressure. Numerical FE analysis based on the
separation of masonry unit layers and bonding mortar was conducted on the body of
the minaret implementing the well-known FE software program Abaqus.

2 Nonlinear Structural Analysis of the Minaret

A finite element simulation was constructed for the minaret and analyzed linearly
and nonlinearly. ABAQUS [9] software was used for the modeling and analysis
of the masonry minaret. Three-dimensional continuum tetrahedral and hexahedral
elements were used. The tetrahedral elements have 10 nodes, and the hexahedral
elements have 8 nodes. Both elements have three displacement degrees of freedom
per node. The displacements are in the three Cartesian directions. Full restricted
have been assigned to the bottom surface to simulate the fixed support condition
of the minaret. A total number of 12,220 elements and 51,424 nodes were defined
for the minaret numerical model. 11,572 linear hexahedral elements of type C3D8R
and 648 quadratic tetrahedral elements of type C3D10. A reduced integration tech-
nique has been used for the hexahedral elements to avoid the possible shear locking
phenomena. The minaret was modeled using the detailed micro-modeling method
in which masonry components and joint bonding mortar are modeled separately as
solid elements [10–12]. According to this simulation method, the masonry structure
was considered as a composite of the units, mortar and unit-mortar interface. Never-
theless, the vertical joints (headers) were ignored in this study while the minaret
shaft has been discretized into a number of monolithic masonry rings with one unit
in thickness and separated by mortar bedding (horizontal) joints. The geometry of
the analyzed virtual historical minaret is presented in Fig. 2.

The total height of the minaret is in the range of 19.5 m. The external and internal
diameters of the pulpit were 2.2 m and 1.4 m, respectively. As for the cylindrical
shaft, the external diameter was 1.5 m, and the internal diameter was 1.2 m. For
the upper part of the minaret, 1.26 m was the external diameter, and 1.1 m was
the internal diameter. The compressive and tensile strengths, linear and nonlinear
mechanical properties of clay brick units, and cement bonding mortar was adopted
from [10, 13] and listed in Table 1. Regarding the load, the following load cases have
been considered during the nonlinear analysis of the minaret:

Nonlinear Dead Load Analysis. For this loading case, the response of the minaret
was determined under its weight only. The self-weight has been selected as body
force equal to the material density, defined in the material modeling process, times
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Fig. 2 Finite element model
of the minaret
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Table 1 Adopted mechanical properties of units and mortar [10, 13]

Component Compressive
strength**,
f c
(MPa)

Tensile
strength*,
f t (MPa)

Linear properties* Nonlinear properties*

Modulus
of
elasticity,
Ec (MPa)

Poisson’s
ratio, υ

Cohesion,
c (MPa)

Angle
of
internal
friction,
φ

Dilatation
angle, ψ

Clay bricks
(units)

10.96 1.32 16,700 0.15 1.85 0 36.87

Cement
mortar

8.30 2.30 18,000 0.10 0.35 0 36.87

Note (*) the values were adopted from [10], (**) the values were adopted from [13]

element volume deduced by the software based on the spatial discretization process.
The resulting deformations, strains, and stresses have been propagated from the dead
load analysis to be used to define the deformed shape and initial strains and stresses
for the subsequent wind analysis.

Nonlinear Wind Load Analysis. In this simulation, the minaret is analyzed under
wind-induced loading as well as its weight. The nonlinear response is determined
against the excitation of the wind-induced pressure. The deformations, strains, and
stresses from the dead load analysis have been included in the stiffness and load
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vector formulation to reflect the nonlinear nature of the problem. Finally, a pseudo
time of 1.0 s has been adopted for each analysis to monitoring the loading steps and
loading iteration process through the modified Newton–Raphson solution scheme.

Minaret Response for the Self-Weight Loading. The nonlinear analysis was
conducted on the minaret structure under the action of its self-weight. Vertical
displacement and normal stress contours are shown in Figs. 3 and 4, respectively.
According to the displacement contours, the maximum displacement that occurred
in the vertical direction was 0.14 mm. On the other hand, the maximum tensile and
compressive stresses, which were 0.059 and 0.246 MPa, respectively, took place at
the bottom of the cylindrical body of the minaret, as illustrated in Fig. 4.

Minaret Response for Wind Load Effects. After completing the first step of the
analysis examining the minaret’s stability under its own weight, the second step was
examining the minaret by subjecting wind load along its height and weight. A wind
pressure of 563 N/m2 has been calculated according to ASCE 7-16 [14]. The minaret
was assumed to be located in Iraq. Themaximumwind speed (44m/s) shown in Fig. 5
was adopted as the basic wind speed in wind pressure calculation. This wind pressure
was uniformly applied along with the entire minaret height, as shown in Fig. 6a. The
minaret model was coloredwith a grey color, represents the undeformedmode before
using the wind load, while the green-colored model represents the deformed mode
of the analyzed minaret after applying the wind pressure as illustrated in Fig. 6b.
The maximum lateral displacement (maximum drift) resulted from the wind load

Fig. 3 Vertical displacement contours result from self-weight analysis (�max = 0.14 mm)
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(a) Horizontal tensile stress (S11) contours of 
self-weight analysis in MPa 

(b) Vertical compressive stress (S22) contours of 
self-weight analysis in MPa 

Fig. 4 Results from dead load analysis

analysis was 55 mm. As it is evident in Fig. 6b, the lateral displacement increased
with the height of the minaret shaft.

On the other hand, horizontal stresses and strain contours are shown in Fig. 7. It
was found that the maximum horizontal tensile and compressive stresses were 0.733
and 0.738 MPa, respectively. These values seem to fall in the range of allowable
tensile and compressive stresses for both masonry brick and cement mortar. The
maximum tensile stress occurred in the bedding mortar on the bottom of the loading
surface of the minaret’s cylindrical body. This finding came compatible with [12].
Besides, the maximum compressive stress occurred in the bedding mortar on the
lee-ward surface at the bottom of the cylindrical body of the analyzed minaret.

3 Conclusions

A structural investigation of the behavior of a 19.5 m height unreinforced masonry
minaret was conducted using modified detailed micro-modeling for the minaret
components (i.e., masonry units, mortar bedding joints, and unit-mortar interface).
In this method of modeling, horizontal unit courses are separated by bedding
mortar joint elements. Two analysis stages were performed on the minaret body.
One by considering the self-weight, and the other is based on the effect of wind
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Fig. 5 The basic wind speed contour map for the governorates of Iraq [15]

loadings in addition to own weight. These analyses were performed with imple-
menting nonlinear material properties, hence, nonlinear material behavior. The main
conclusions inferred from this study are given below:

• Since the Young modulus is relatively high for the masonry units, they behaved
stiffly, and the resulting vertical displacements are relatively small.

• When subjected to self-weight and wind-induced forces, the minaret has the
maximum compressive and tensile stresses at the base of its cylindrical shaft.

• The ratio of the maximum compressive stress results from wind-induced loads
to that results from self-weight loads is in the range of 3, while the ratio of the
maximum tensile stress due to wind forces to that results from self-weight loading
is approximately 12.4. These findings indicate the importance of considering the
effects of wind loading for accurate analysis and safe design of masonry minarets
because of the brittleness nature of both masonry components.
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(a) Distribution of the load (b) Deformed and undeformed modes 

Fig. 6 The overall behavior of the minaret under the wind
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(a) Horizontal normal stress (S11) contours in MPa (b) Horizontal normal strains (E11) contours

(c) Horizontal normal stress (S33) contours in MPa. (d) Horizontal normal strains (E33) contours. 

Fig. 7 Results of the wind load analysis

References

1. Abdullahi, S. (2014). Structural behaviour of reinforced concrete minaret under wind effect
using SAP2000 V. 15. M. Sc. Thesis, Near East University, Nicosia.

2. Dogangun, A., Sezen, H., Tuluk, Ö. I., Livaoglu, R., & Acar, R. (2007). Traditional Turkish



Numerical Analysis of Historical Masonry Minaret Subjected … 555

masonry monumental structures and their earthquake response. International Journal of
Architectural Heritage, 1(3), 251–271.

3. Bayraktar, A., Sevim, B., Altunisik, A. C., & Turker, T. (2009). Analytical and operational
modal analyses of Turkish style reinforced concrete minarets for structural identification.
Experimental Techniques, 33(2), 65–75.

4. Çaktı, E., Oliveira, C. S., Lemos, J. V., Saygılı, Ö., Görk, S., & Zengin, E. (2013, June).
Earthquake behavior of historical minarets in Istanbul. In 4th ECCOMAS Thematic Conference
on Computational Methods in Structural Dynamics and Earthquake Engineering (pp. 12–14).

5. Sezen, H., Acar, R., Dogangun, A., & Livaoglu, R. (2008). Dynamic analysis and seismic
performance of reinforced concrete minarets. Engineering Structures, 30(8), 2253–2264.

6. Dogangun,A.,&Sezen,H. (2012). Seismic vulnerability andpreservation of historicalmasonry
monumental structures. Earthquake and Structures, 3(1), 83–95.

7. Turk, A. M., & Cosgun, C. (2012). Seismic behavior and retrofit of historic masonry minaret.
Gradevinar, 64(1), 39–45.

8. Turk, A. M. (2013). Seismic response analysis of masonry minaret and possible strengthening
by fiber reinforced cementitious matrix (FRCM) materials. Advances in Materials Science and
Engineering, 14. Article ID 952497.

9. ABAQUS CAE. (2014). Finite element analysis software products. In Finite element system.
Dassault Systems.

10. Laurenco, P. B., Rots, J. G., & Blaauwendraad, J. (1995). Two approaches for the analysis of
masonry structures: Micro and macro-modeling. HERON, 40(4), 1995.

11. Ahmed, A. R., & Al-Zuhairi, A. H. (2019). Behavior of clay masonry prism under vertical
load using detailed micro modeling approach. Association of Arab Universities Journal of
Engineering Sciences, 26(1), 67–73.

12. Ahmed, A. R., & Al-Zuhairi, A. H. (2018). Finite element analysis for the response of URM
walls supporting RC slab. International Journal of Engineering and Technology, 7(4.20), 259–
265.

13. Mohamad, G., Lourenço, P. B., Rizzatti, E., Roman, H. R., & Nakanishi, E. Y. (2012). Failure
mode, deformability and strength of masonry walls. In 15th International Brick and Block
Masonry Conference. Florianopolis, Brazil.

14. American Society of Civil Engineers. Minimum design loads for buildings and other structures
(ASCE7-16). Structural Engineering Institute MinimumDesign Loads and Associated Criteria
for Buildings and Other Structures (ASCE/SEI 7-16).

15. Ministry of Planning-Central Organization for Standardization and Quality Control. (2016).
Loads and Forces Code. Iraq Building Code 301 (1st Ed.).



Accuracy Assessment of Shell Finite
Elements for Considering to Masonry
Structures Under Seismic Loading

Halmat Ahmed Awla and Mohamed M. Arbili

Abstract For assessment or seismic-resistant design of masonry buildings, an
appropriate numerical model is required. Since reproducing an actual masonry
structure in a computer model is impossible and computationally expensive, the
researchers have always tried to consider these structures with a rationally proper
method in the best compromise between accuracy in results and simplicity in appli-
cation. Solid finite elements are a very popular method for modeling masonry struc-
tures because of the accuracy of results for both elastic and inelastic analysis, but it
is computationally expensive. Thus, selecting a proper method for modeling these
structures is the first and most important step. The aim of this study is to examine
the accuracy of shell elements when considered for modeling masonry structures.
For this purpose, dynamic responses in terms of stresses, displacements, base shear,
and natural periods of a two-story masonry structure modeled by shell elements
were compared with its prototype examples modeled using solid finite elements.
According to the obtained results, very good agreement was observed between the
two models. And it can be concluded that using shell elements for modeling these
types of structures is effectively adequate.

Keywords Masonry structures · Shell finite elements · Solid finite elements ·
Seismic assessment

1 Introduction

For modeling masonry buildings using finite element procedures, three modeling
techniques are used for static and dynamic loading conditions: Micro, Simplified
micro, and Macro modeling.
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Figure 1 Concrete blocks, brick, stone, and mortar are homogenized as a
continuum domain in the macro modeling approach. Thus, minimum finite element
numbers are used; consequently, less computational time and physical memory are
required. However, in micro and simplified modeling, concrete blocks, brick, stone,
andmortar are independentlymodeled. This technique is amore complex and sophis-
ticated method; the technique is the most accurate method for analyzing masonry
structures. Crack patterns, damaged contours, and ultimate load capacity can be
calculated accurately. Micro modeling approaches are computationally prohibitively
expensive and require large computer memory [1, 2]. Therefore, many researchers
have focused on developing simplified alternativemethodologies to decrease compu-
tational time to best suit everyday engineering practice [3–5]. In Iraq and Kurdistan
region, unreinforced masonry structures (URM) are popular. Still, a more signifi-
cant percentage of the population are living in masonry structures. Thus the seismic
assessment of these structures is a must since masonry structures are known as the
most vulnerable building against earthquakes. Moreover, protecting ancient masonry
buildings as they were built and transforming to the future generation is essential
because they are national heritage. Because seismic hazards are the main source of
damage for heritage masonry structures [6, 7], seismic assessment of these structures
also an essential task.

Mainly there are three types of masonry structures in the country; concrete block
and brickmasonry, natural stonemasonry, andmixedmasonrywith RC or steel struc-
tures. In the current study, a typical two-story concrete block masonry is considered
a case study, bearing walls constructed using concrete blocks, the floors are built
up by reinforced concrete, and steel bars are used as reinforcement material. Gener-
ally, solid finite elements are employed for modeling masonry structures because
it is known as the most efficient method, which cracks, damages, and many other
physical characteristics of materials can be considered in the method [8]. The main
drawback of solid finite elements, it is not cost-effective in the perspective of compu-
tational efforts. Shell elements are employed for masonry modeling as an alternative

Fig. 1 Masonry modeling techniques; a micro, b simplified micro, and c macro modeling [1, 2, 6]
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method, and the equivalent frame method is another simplified method for consid-
ering masonry structures, and the latest one is principally utilized for nonlinear eval-
uation of masonry buildings. For evaluation of global behavior of structural systems,
generally linear (static and dynamic) and pushover analysis are utilized [9].

Mainly the nonlinear static analysis is used for the assessment of the seismic
performance of existing buildings. However, the nonlinear static analysis outweighs
somedrawbacks of the linear dynamic analysis, especially in assessing existing build-
ings. It is recommended to adopt different analysis strategies for the same problem,
and their results should be discussed critically [9]. For considering inelasticity of
the frame element structures, two main modeling types are available, distributed
plasticity method and lumped plasticity method [10, 11]. The most accurate and
sophisticated method for considering inelasticity is by using solid finite elements
that can be applied to any structure anywhere. In the method, the structural members
are mesh into massive numbers of solid finite elements, geometric and constitutive
nonlinearity is introduced at the stress–strain level. The thermal phenomenon, inter-
face friction, cracks, relaxation, and creep characteristics can be simulated in the
method. Since this method is computationally prohibitively expensive for real scale
structures for considering nonlinear dynamic analysis, it is generally limited to the
critical parts of the structures like joints and the regions expected to undergo large
displacements, rotations, and nonlinearity [8].

The computational time that is needed for analyzing the same finite element
problems, which were modeled by a shell and solid elements, was studied by [12].
According to the outcomes of their research, it was found that the computational
time for shell elements less than 10% of the time needed for solid elements. Based
on the finite element models, several numerical methods can be applied for the
analysis of the seismic behavior of masonry buildings. These numerical methods are
usually expensive in the scene of computational efforts. To overcome this complexity,
reasonable simplicities have been made [13]. The aim of this study is to assess the
accuracy of shell elements for considering masonry structures. For this purpose,
the dynamic responses of a two-story masonry building modeled by shell elements
were compared with the results of the same problem modeled using solid elements.
Both models were linearly analyzed under earthquake loading. The advantage of
these simplified models is a huge number of masonry structures are analyzed in a
very short time. Thus, seismic vulnerability assessments are accelerated, and optimal
solutions for structural retrofitting can be suggested [14].

The seismic capacity of masonry stone structures could be low or reasonably
accepted depending on structural element details, physical characteristics of mate-
rials, and architectural arrangements. Generally, local failure modes are dominant in
the collapse mechanisms of masonry structures. However, the global failure modes
can be achieved by enhancing the overall quality of themasonry structure.Many labo-
ratory tests have taken place for understanding the actual seismic response ofmasonry
stone structures because of such laboratory experiment campaigns. Many numerical
methodswere validated and improved for both assessment and strengthening existing
buildings against earthquake loadings [15]. Because of the availability of efficient
nonlinear analysis models, meaningful evaluations for existing masonry structures
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can be achieved. The macro-element models provided an adequate depiction of the
lateral behavior of masonry structures [16]. Moreover, laboratory cyclic pushover
investigations on masonry structures contributed to the general understanding of
crack patterns and force–deflection curves [17].

An assessment study for mixed masonry RC buildings was performed by Lago-
marsino et al. [18], nonlinear static and linear dynamic analysis were investigated.
It was concluded that the most critical parts of masonry structures are surrounding
openings and sidewalls. Moreover, it was observed that the seismic resisting capacity
of isolated these types of structures is lower than the same structures in compound
blocks. Additionally, it was concluded that the provisions of Euro-code and Italian-
code were not adequate for seismic performance-based assessment. Even though
the bigger ratio of loss of life caused by earthquakes is because of the low seismic
resisting capacity of masonry structures, the attempts are still smaller to improve
their seismic performance compared to the efforts consuming for enhancing seismic
performance of RC buildings [19, 20].

2 Numerical Modelling

SAP-2000 offers elastic solid brick finite elements. However, inelasticity can be
incorporated into the solid brick elements utilizing nonlinear link elements. For
performing this behavior, the link elements are positioned between adjacent solid
objects, andnonlinear relationships of thematerial are assigned to these link elements.
Thus the system can reflect the actual problem [21]. But this is out of the scope of this
study, and this topic can be investigated in future studies. For the current work, the
only elastic region was studied. Still, elastic analysis through solid finite elements
can tell us many about the assessment, design, and retrofitting of masonry structures.

Shell elements are a three or four-node area object. Shell elements are used to
modeling bridge decks, walls, and floors. Many other structural systems components
can be modeled by shell elements such as flanges and webs of a W-section. Shell
elements are utilized for representing plate bending or membrane behavior. At the
same time, solid elements are eight-node objects that can be used for modeling any
structural system Fig. 2. Solid elements have six quadrilateral faces with a joint at
each corner. Anisotropic properties and temperature-dependent can be assigned [21].

For the current study, two models were created and named model-A and model-
B; solid finite elements were used for modeling the walls of the first model, and
shell finite elements were utilized for the walls of the second model, while floors are
modeled by using solid elements for bothmodel-A andModel-B. SAP-2000 software
package was used for this study. It is general structural engineering finite element
software that is well known as a user-friendly interface and the most structural engi-
neering program popular in the structural engineering community worldwide. Both
numerical models were analyzed under El Centro time history acceleration loading
[22, 23]. The acceleration curve is shown in Fig. 3. Dynamic responses in terms
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Fig. 2 Solid and shell elements [21]

Fig. 3 El Centro ground acceleration curve

of time history top story displacements, maximum stresses, and natural periods are
reported.

3 Description of the Structure

Plan dimensions and the general layout of the structure are shown in Fig. 4. The net
height of each story is 3 m. Walls and slab thicknesses are defined as 0.2 m. Solid
concrete blocks are used for the walls, and the slabs are reinforced concrete; 12 mm
diameter steel bars were used in two layers in the slabs, 40 cm is center to center
spacing for steel rebars for both top and bottom layers. Tie constraint is utilized to
connecting different parts of the numerical models, and steel rebars were embedded
in the concrete regions. This type of building is popular in Iraq and Kurdistan region.
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a) Ground floor plan                           b) model-A                           c) model-B 

Fig. 4 The general layout of the structure

Table 1 Material properties used for modeling

Material Concrete compressive and
steel tensile strength (MPa)

Modulus of elasticity (MPa) Poisson’s ratio

Concrete Block 27.6 24,855.6 0.2

Steel rebar 413.7 200,000 0.3

The base of the structures is assumed to be fully restrained against rotation and
translation in all three principal directions. However, many researchers have reported
that soil-structure interaction has great influences on the dynamic responses of build-
ings [24–29]. A total ultimate load of 0.5 ton/m2 was added to the self-weight of the
floors. Uniaxial compressive strength of concrete is 27.6 MPa, and uniaxial tensile
strength of steel rebars is 413.7 MPa, modulus of elasticity of concrete and steel
rebars are 24,855.6 and 200,000 MPa, respectively. The input data are tabulated in
Table 1.

4 Results and Discussion

Firstly, modal analysis has been done in order to capture the first mode shapes and
their natural periods for both models. Secondly, the dynamic linear analysis was
performed, and the dynamic responses in terms of maximum stresses, base shear,
and top story displacements were recorded step by step for both numerical models
Model-A and Model-B. The percentage difference of the natural period for the first
mode shape of Fig. 5 is given in Table 2. A percentage difference of about 14.2%was
observedbetweenboth numericalmodels. Since this difference hasn’tmuch influence
on the dynamic responses in terms of top story displacements and maximum stress
distribution, it can be justified that this slight difference is reasonable and natural
periods are compatible for both numerical models.

Maximum stress distributions in the three-dimensional view and separately for
each wall facade are presented in Figs. 6, 7 and 8 for both model-A and Model-B.
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a) model-A                                               b) model-B

Fig. 5 First mode shape for both numerical models

Table 2 Percentage
difference for the first natural
period (T1) in seconds for
both models

Model T1 Difference (%)

Model-A 0.07886 14.2

Model-B 0.06766

a) model-A                                                       b) model-B 

Fig. 6 Maximum stress distribution scale in MPa

According to the obtained results of the stress distribution, it can be concluded that
the results are similar, and both models are very compatible with each other.

Relative and absolute (total) time history displacements for the top of both numer-
ical models are presented in Figs. 9 and 10, respectively. On the other hand, time
history base shear is shown in Fig. 11. It can be noticed from the figures that the time
history displacement and base shear values are almost identical.



564 H. A. Awla and M. M. Arbili

a) model-A                             b) model-B 
1) Front facade 

a) model-A                             b) model-B 
2) Back facade

a) model-A                                b) model-B 
3) East facade

Fig. 7 Maximum stress distribution for (1) Front facade, (2) Back facade, (3) East facade in MPa.
for a model-A and bModel-B, respectively

5 Conclusion

According to the numerical results, the following conclusions can be drawn:

• The obtained top storey time history displacements, time history base shear, and
maximum stress results are very near each numerical model.
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a) model-A                                                   b) model-B
1) Inner facade 

a) model-A                                 b) model-B 
2) West facade 

Fig. 8 Maximum stress distribution for (1) Inner facade, (2) West facade in MPa. for a model-A
and b Model-B, respectively

• On the other side natural periods for the first mode shapes were compared for both
models, a slight difference was observed about 14.2%, but it is still small enough
to influence the overall dynamic responses. Thus, it can be justified that this little
difference is reasonable and natural periods are compatible for both numerical
models.

• Overall, it can be concluded that shell elements can be employed for modeling
masonry structures. Still, this simplified technique can give usmore understanding
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of the dynamic responses of these structures, and this method can be utilized for
the design and assessment of masonry buildings.

References

1. Karaton, M., Aksoy, H. S., Sayın, E., & Calayır, Y. (2017). Nonlinear seismic performance of a
12th century historical masonry bridge under different earthquake levels. Engineering Failure
Analysis, 79, 408–421.

2. Karaton, M., & Çanakçı, K. (2020). Micro model analysis of JD6 and JD7 Eindhoven walls
with fixed smeared crack model. Journal of Structural Engineering, 3(1), 18–24.

3. Giambanco, G., Rizzo, S., & Spallino, R. (2001). Numerical analysis of masonry structures
via interface models. Computer methods in applied mechanics and engineering, 190(49–50),
6493–6511.

4. Chen, S. Y.,Moon, F. L., &Yi, T. (2008). Amacroelement for the nonlinear analysis of in-plane
unreinforced masonry piers. Engineering Structures, 30(8), 2242–2252.

5. Xu, C., Xiangli, C., & Bin, L. (2012). Modeling of influence of heterogeneity on mechanical
performance of unreinforcedmasonry shearwalls.Construction andBuildingMaterials, 26(1),
90–95.

6. Saeed, M. H., & Abbas, A. L. A. (2019). Simulation two storey house of masonry wall under
the earthquake load. Diyala Journal of Engineering Sciences, 12(2), 1–12.

7. Lagomarsino, S., & Cattari, S. (2015). Seismic performance of historical masonry structures
through pushover and nonlinear dynamic analyses. In Perspectives on European earthquake
engineering and seismology (pp. 265–292). Springer.

8. Taucer, F., Spacone, E., & Filippou, F. C. (1991). A fiber beam-column element for seismic
response analysis of reinforced concrete structures (Vol. 91). Earthquake EngineeringResearch
Center, College of Engineering, University of California.

9. Magenes, G. (2006, September). Masonry building design in seismic areas: recent experi-
ences and prospects from a European standpoint. In First European conference on earthquake
engineering and seismology.

10. Karaton, M., & Awla, H. A. (2018). Numerical investigation of the effect on ultimate loading
capacity of different longitudinal reinforcement ratios of a RC portal frame. Journal of
Structural Engineering, 1(3), 147–154.

11. AWLA, H. A. (2019). Investigation of a reverse engineering method for determination of
material properties of damaged or collapsed reinforced concrete building.

12. Peeters,M., Santo, G., Degroote, J., &Van Paepegem,W. (2018). Comparison of shell and solid
finite element models for the static certification tests of a 43 m wind turbine blade. Energies,
11(6), 1346.

13. Furtmüller, T., & Adam, C. (2011). Numerical modeling of the in-plane behavior of historical
brick masonry walls. Acta mechanica, 221(1), 65–77.

14. Belmouden, Y., & Lestuzzi, P. (2009). An equivalent frame model for seismic analysis of
masonry and reinforced concrete buildings.Construction and buildingmaterials, 23(1), 40–53.

15. Penna, A. (2015). Seismic assessment of existing and strengthened stone-masonry buildings:
Critical issues and possible strategies. Bulletin of Earthquake Engineering, 13(4), 1051–1071.

16. Penna, A., Lagomarsino, S., & Galasco, A. (2014). A nonlinear macroelement model for the
seismic analysis of masonry buildings. Earthquake Engineering &amp; Structural Dynamics,
43(2), 159–179.

17. Lagomarsino, S., Penna, A., Galasco, A., & Cattari, S. (2013). TREMURI program: An
equivalent frame model for the nonlinear seismic analysis of masonry buildings. Engineering
structures, 56, 1787–1799.



568 H. A. Awla and M. M. Arbili

18. Ferrito, T., Milosevic, J., & Bento, R. (2016). Seismic vulnerability assessment of a mixed
masonry–RC building aggregate by linear and nonlinear analyses. Bulletin of Earthquake
Engineering, 14(8), 2299–2327.

19. Erberik,M.A. (2008). Generation of fragility curves for Turkishmasonry buildings considering
in-plane failure modes.Earthquake Engineering&amp; Structural Dynamics, 37(3), 387–405.

20. Tomazevic, M. (1999). Earthquake-resistant design of masonry buildings (Vol. 1). World
Scientific.

21. SAP2000, C., CSI analysis reference manual for SAP2000. 2009, Computers and Structures,
Inc.

22. Zhai, C. H., & Xie, L. L. (2007). A new approach of selecting real input ground motions
for seismic design: The most unfavourable real seismic design ground motions. Earthquake
engineering &amp; structural dynamics, 36(8), 1009–1027.

23. Center, P.E.E.R. (2011). Users manual for the PEER ground motion database web applica-
tion. Pacific Earthquake Engineering Research Center.

24. Ceroni, F., Sica, S., Pecce, M. R., & Garofano, A. (2014). Evaluation of the natural vibration
frequencies of a historicalmasonry building accounting for SSI. Soil Dynamics and Earthquake
Engineering, 64, 95–101.

25. Güllü, H., & Jaf, H. S. (2016). Full 3D nonlinear time history analysis of dynamic soil–structure
interaction for a historical masonry arch bridge. Environmental Earth Sciences, 75(21), 1–17.

26. Awlla, H. A., Taher, N. R., & Mawlood, Y. I. (2020). Effect of fixed-base and soil structure
interaction on the dynamic responses of steel structures. International Journal of Emerging
Trends in Engineering Research, 8(9).

27. Steinfeld,B., Scott, J.,Vilander,G.,Marx,L.,Quirk,M.,Lindberg, J.,&Koerner,K. (2015). The
role of lean process improvement in implementation of evidence-based practices in behavioral
health care. The Journal of Behavioral Health Services &amp; Research, 42(4), 504–518.

28. Hökelekli, E. & Al-Helwani, A. (2020). Effect of soil properties on the seismic damage assess-
ment of historical masonry minaret–soil interaction systems. The Structural Design of Tall and
Special Buildings, 29(2), e1694.

29. Awlla, H. A., Taher, N. R., & Aksoy, S. H. (2021). Effect of SSI and fixed-base concept on
the dynamic responses of Masonry Bridge structures, Dalal Bridge as a case study. Academic
Journal of Nawroz University (AJNU), 10(4).



Stability and Seismic Performance of Tall
Steel Structures with Hybrid Energy
Absorbers Including P-Delta Effect

Rafaa M. Abbas and Ameer J. Abdulkareem

Abstract This paper presents a numerical study of the seismic response of seismi-
cally isolated buildings when using Hybrid Energy Absorbers at the base of high-rise
buildings in terms of their ability to reduce the influence of ground excitation forces.
Focus placed on the seismic response for the displacement, story drift, story shear,
and acceleration to show such buildings’ stability bearing into account second-order
effect due to P-delta. The analysis has been performed using time-domain spectral
matching to generate three different synthetic seismic time histories derived from
real earthquakes compatible with the design response spectrum for different earth-
quake intensities. Three different types of base isolators were used; High Damping
Rubber Bearing, Lead Rubber Bearing, and Friction Pendulum Bearing. The results
showed that base isolation minimizes the effect of P-delta and, thus, reduces induced
forces due to building sway. Also, a significant reduction in the seismic design forces
such as story drift, shear, and acceleration was achieved. The study revealed that base
isolation had improved such buildings’ stability, especially when using high damping
base isolators.

Keywords Stability · Base isolation · Time-domain method · Dynamic analysis ·
Synthetic earthquake · P-delta analysis · High-rise buildings

1 Introduction

The risk of earthquakes has always been a threat to high-rise buildings. Reducing
damage caused by the dynamic loads effect is one of structural engineering’s main
concerns [1]. At present, various methods have been proven to improve the capacity
of structures to withstand earthquake loads. Unlike other lateral forces, the effect of

R. M. Abbas (B)
Department of Civil Engineering, University of Baghdad, Baghdad, Iraq
e-mail: dr.rafaa@coeng.uobaghdad.edu.iq

A. J. Abdulkareem
Department of Civil Engineering, Al Muthanna University, Al-Samawah, Iraq
e-mail: ameer.jabbar@mu.edu.iq

© The Author(s), under exclusive license to Springer Nature Singapore Pte Ltd. 2022
M. O. Karkush and D. Choudhury (eds.), Geotechnical Engineering and Sustainable
Construction, https://doi.org/10.1007/978-981-16-6277-5_46

569

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-16-6277-5_46&domain=pdf
mailto:dr.rafaa@coeng.uobaghdad.edu.iq
mailto:ameer.jabbar@mu.edu.iq
https://doi.org/10.1007/978-981-16-6277-5_46


570 R. M. Abbas and A. J. Abdulkareem

an earthquake transfers from the base to the entire building, causing serious damage
in most cases and can lead to the collapse of the building [2]. Many solutions and
techniques have been developed to resist and minimize the impact of seismic forces.
These technologies and solutions are represented by the use of different construction
systems or by the addition of interstorey dampers between the floors, which reduce
the displacement and dispersion of energy transmitted from the earthquake [3, 4].
Many techniques have been proposed over the years and proven to effectively reduce
the impact of earthquakes and maintain the building integrity after ground shaking
with minimal damage in Base isolation [5]. As a result of these lateral forces, hori-
zontal displacement is generated for the entire building. This displacement creates
additional forces called the second-order or P-delta effect, consisting of the building’s
weight acting through the horizontal displacement creating additional moments [6].
This displacement is evident in tall buildings and, therefore, increaseswith increasing
height. The increasing building height and greater structural efficiency of high-rise
buildings have led to smaller precautions of stiffness and, thus, stability. Checking the
stability reduction has become an essential part of tall building analysis and design
as recommended by ASCE/SEI 7–10 [7].

The P-Delta analysis considers the effects of many factors; building height is
the most effective one [8]. It is well known that for linear and geometric nonlinear
behavior of isolated buildings, it ismost important to perform the dynamic analysis by
using the direct integration for the time history of the excitation force, which achieves
all considerations, including heights [9]. It is known that the response spectrum
consists of the influence of several earthquakes or a single earthquake and different
properties of the building.Moreover, the response spectrumvaries respectively to soil
characteristics and seismic activity [10]. This study will review the effect of P-Delta
on the seismic performance of base-isolated tall buildings with different heights
and study the effectiveness of base isolation on reducing the second-order effect.
Moreover, special concern is devoted to study the stability of such tall buildings with
hybrid energy absorbers under seismic loading, taking into account the second-order
effect due to building drift and comparing the outcomes with the current international
building standards specified limits on the drift and stability requirements.

2 Research Methodology

Five high-rise steel building structures with different heights and number of floors
(10 to 30 stories) were modeled and analyzed numerically to achieve the proposed
goals. The superstructure of the adopted base-isolated building models was repre-
sented by a 3-D finite element model using ETABS software. Three different hybrid
energy absorber devices were employed in the building models at the foundation
level to investigate base isolation effects. The dynamic analysis was performed using
synthetic time history analysis. Finally, the dynamic response due to different earth-
quake intensities’ influence was accounted for in this research by considering three
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different seismic design categories with site soil class (D) as recommended by the
ASCE7-10 [7].

3 Earthquake Excitation

Current design codes and specifications recommend time history analysis to esti-
mate tall buildings’ dynamic response with base isolation science they can reflect the
influence of the isolators in the analysis. Moreover, at the construction site, real-time
history data might not be available, and applying time history records of earthquakes
from other locations generally yields the response spectrum not compatible with the
design spectrum. Therefore, using artificial time histories instead for the analysis is
recommended [11]. In the current study, time-domain spectral matching was used
to generate synthetic time series compatible with the design response spectrum at
the construction site by modifying the N-S component of the 1940 El Centro earth-
quake. Accordingly, the adopted five-buildingmodels subjected to three seismic base
excitation intensities adjusted from past real records will be analyzed. The adopted
seismic design categories (SDC C, CDC D, and SDC E) simulate moderate, strong,
and very strong ground excitations, respectively. Figure 1 shows the design “target”
response spectrums, with the seismic coefficients compiled in Table 1. Also, the time
records of the 1940 El Centro earthquake N-S component are shown in this figure.
To adjust the time records shown in Fig. 1 to match the design spectrum, the initial
time series frequency content is modified by using the spectral matching technique
at all periods [12, 13]. The matching presented in Fig. 2 shows the generated time
series characteristics, which revealed that reference time series characteristics had
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Fig. 1 a Initial time seires for the 1940 El Centro earthquake, b target response spectrums

Table 1 Seismic Coefficients for the design ‘target’ response spectrums

Site Class SDC Fa SS SMS SDS Fv S1 SM1 SD1

D C 1.36 0.55 0.748 0.4987 2.28 0.13 0.2964 0.1987

D 1.004 1.24 1.2449 0.83 1.5 0.56 0.84 0.56

E 1 2.16 2.16 1.44 1.5 0.86 1.29 0.86
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Fig. 2 Generated acceleration time histories matched to target SDCs

been kept, whereas frequency content for the initial time series adjusted for each
targeted seismic design intensity.

4 Stability Index

According to American Society of Civil Engineers, ASCE/SEI 7–10 [7], the stability
requirement of tall buildings needs to be evaluated through the stability coefficient
or index (θ) by the following equation

θ = Px� Ie
VxhsxCd

(1)

where

Px = the sum of the total vertical load at that level; when computing Px, the load factor must
be taken equal 1.0.

� = story drift computed as the difference of the deflections at the centers of floors above
and below that story.

Ie = the importance factor.
Vx = the seismic shear force is acting between that levels and below.
hsx = the story height below that level.
Cd = Deflection amplification factor.
ASCE/SEI 7–10 recommends that when the stability coefficient (θ) is equal to or

less than (0.10) the increase in the member forces and the story drifts due to P-delta
effect can be neglected. Moreover, the stability coefficient (θ) must not exceed θmax
determined as follows:

θmax = 0.5

βCd
≤ 0.25 (2)

where (β), is the ratio of shear demand to shear capacity for that story and for the
one below. Generally, (β) is taken equal (1.0), as permitted by ASCE/SEI 7–10. The
increments in the drift and member forces due to P-Delta effects shall be determined
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by any acceptedmethod of analysis, otherwise, it is allowed to amplify displacements
and member forces values by the factor [1.0/ (1 − θ)]. Finally, where the stability
index is more significant than (θmax), the structure is considered unstable.

5 Building Models

Five multistory steel structures were modeled using ETABS V19.0.2 software
ranging from 10 floors up to 30 floors with total heights equal 35, 52.5, 70, 87.5, and
105 m for five stories increment. The plan of the building, Fig. 3, consisted of five
bays in each direction with 25 m in the x and y directions. Building models were
analyzed using the fixed base for the first; after that, analyses were performed for
the same models with various hybrid energy absorbers. Three types of hybrid energy
absorber devices usually used for base isolation [14]; High Damping Rubber Bearing
(HDRB), Lead Rubber Bearing (LRB), and Friction Pendulum Bearing (FPB) were
adopted in the analyses. The building frames consisted of steel columns using HP
sections; the main steel beams were all W sections, whereas W and HSS sections
were used for the secondary beams and cross-bracing, respectively. Section details
for the building members used are compiled in Table 2.

Fig. 3 Plan details for building models
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Table 2 Structural section details for building models

Building No of floors Height(m) Main beams Secondary
beams

Columns Bracing

B (10) 10 35 W14X22 W10X12 HP10X57 HSS6X6X1/2

B (15) 15 52.5 W16X26 W10X12 HP12X63 HSS6X6X1/2

B (20) 20 70 W16X26 W10X12 HP14X73 HSS6X6X1/2

B (25) 25 87.5 W16X36 W10X12 HP16X121 HSS8X8X3/8

B (30) 30 105 W18X35 W10X12 HP16X183 HSS8X8X1/2

6 Analyses Results

To demonstrate the seismic performance and stability, the seismic response results
of the adopted tall building models with the various hybrid energy absorbers due to
selected matched seismic time histories will be firstly presented and discussed for
the 20-storey building (B 20), and SDC D. After that, results for all building heights
starting from 10 floors up to 30 floors and for the various seismic design categories
and base isolator types will be presented and discussed thoroughly. Science reducing
the induced accelerations in the building floor masses as a result of an earthquake
ground excitation is the major task of base isolators. Figure 4 shows the effectiveness
of base isolation in reducing top story acceleration generated within the building.
Acceleration results presented for the 20 story (B 20) building with HDRB isolators
and SDCD. Table 3 summarizes the variations in themaximum top story acceleration
due to P-Delta analysis of different building models and SDC categories. It can
be noted that a maximum reduction of about 3.6% in the top story acceleration
is achieved for isolated buildings when using HDRB isolators. This indicated that
P-delta effect helps at reducing building’s acceleration.

Figure 5 presents comparison for the seismic response for the linear and nonlinear
(P-delta) analysis considering displacement, drift ratio, and story shear values for B
20 building and for seismic design category SDC D. The result for building sway or
displacement reveals that displacement values increased as building height increased.
The other important criterion is the drift, where base isolation worked to reduce drift
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Table 3 Variation in the maximum top story acceleration due to P-delta effect

Building SDC C SDC D SDC E

Fixed FPB LRB HDRB Fixed FPB LRB HDRB Fixed FPB LRB HDRB

B (10) 3.5 8.4 −0.8 −0.8 −1.6 6.8 −0.9 −2.7 0.7 7.0 −3.1 −2.2

B (15) −0.8 9.5 −0.2 −0.2 −3.9 9.9 0.2 −2.1 0.9 10.2 −0.3 1.4

B (20) −6.9 4.6 −2.0 −2.0 4.6 3.9 −2.5 −3.6 −4.2 3.1 −2.3 1.5

B (25) −9.2 8.2 1.0 1.0 −5.2 6.8 1.2 −2.3 0.3 5.4 1.4 0.7

B (30) −1.1 0.2 0.7 0.7 −0.8 2.3 −1.1 −0.3 1.1 1.2 1.2 −0.7
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Fig. 5 Linear and nonlinear seismic response for the 20-storey building (B 20) and SDC D

compared with fixed base. Although drift values were obtained for the fixed base is
within the permissible limits according to the ASCE limitations, the base isolation
reduces the drift values significantly. As for the decrease in the maximum story drift
and shear values, the best performance was due to the HDRB isolator.

The displacement response of the isolated buildings directly increases with both
the height of the building and the increase in the seismic intensity. Table 4 illustrates
the percentage variations in the maximum displacement due to the P-delta effect.
Generally, variation range was −3.48% to +4%, −2.21% to + 3.73%, and −0.6%
to + 5.63% for FPB, LRB, and HDRB isolators, respectively and different SDCs.
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The percentage variation presented in Table 4 is mainly due to the interaction of the
dynamic properties for the building’s structure, base isolators, and the SDCs response
spectrum frequencies.

The drift ratio depends on the amount of lateral displacement in the superstructure.
Results show that the drift ratios have decreased with the use of isolators at the
structure base as inter-story displacements have decreased. Table 5 shows the effect
of P-delta on the variations in the maximum story drift ratios. Generally, percentage
variations of about−5.85% to+9.08%,−6.78% to+8.38%, and−9.6% to+7.21%
in the drift ratios due to the P-delta effect is noted for FPB, LRB, andHDRB isolators,
respectively. As for displacements, the trend for drift ratio variation is attributed to
the building’s interaction, base isolators, and dynamic excitation characteristics.

The horizontal forces generated at each floor level during an earthquake are trans-
mitted from the ground to the building. The isolators reduce the share of these forces
due to increasing ‘extending’ of building’s period. Results for percentage values
compiled in Table 6 indicated that the maximum story shear values reduced due to
the P-delta effect. Generally, a reduction percentage of about 6.08%, 3.95%, and
9.88% in the maximum story shear values due to the P-delta effect is noted for FPB,
LRB, and HDRB isolators, respectively. To summarize the isolators capability to
improve the seismic performance of tall buildings, Fig. 6 showed the percentage
variation of displacement, drift, story shear, and acceleration values when buildings
analyzed for SDC D earthquake excitation. It is noted that HDRB isolators have
provided the best performance regarding reducing the dynamic response. Signifi-
cant reduction in the drift, story shear, and story acceleration values achieved when
using hybrid energy absorbers. It is noted that isolators’ ability to reduce drift, story
shear, and acceleration values is inversely proportional to the increase in the building
height.

The main criterion that summarizes all of the above and describes the effect P-
Delta is the building stability index. The ASCE 7–10 stability index “θ”, determined
that the P-delta effect could be neglected if the θ index’s value does not exceed 0.1.
Figure 7 shows θ values for each floor of the 20-storey building B (20). Emphasis is
focused on the results due toHDRBbase isolation as it has proved to themost efficient
to enhance dynamic response. Results presented showed a significant reduction in
the stability index as a result of using base isolation. This result demonstrates that tall
buildings’ stability is more secured when Hybrid Energy Absorbers are employed to
safeguard buildings against earthquakes.

Figure 8 shows the effectiveness of each type of base isolation on the stability
index. From the comparison presented in the figure it is clear that the HDRB bearing
has superior properties to enhance building stability and thus reduces the amount
of θ index and assures the building greatest stability. Finally, from the case study
presented, almost all isolators had worked to enhance building stability. Therefore, it
can be concluded that base isolation helps to minimize the second-order effect due to
P-Delta and, thus, reduces the additional forces due to building sway under seismic
excitation.
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Table 6 Percentage (%) reduction in the maximum story shear due to P-DELTA effect

Building SDC C SDC D SDC E

Fixed FPB LRB HDRB Fixed FPB LRB HDRB Fixed FPB LRB HDRB

B (10) 0.40 1.48 1.68 2.47 4.19 2.52 0.32 1.85 1.15 3.28 0.52 2.64

B (15) 3.60 6.08 2.77 3.24 3.06 1.29 3.67 6.17 2.24 5.26 1.3 5.25

B (20) 3.97 2.86 2.12 5.21 6.75 5.14 2.22 2.61 1.00 4.47 0.7 5.33

B (25) 5.60 3.89 3.95 4.49 5.06 3.79 1.98 5.22 3.69 1.55 2.68 6.06

B (30) 2.19 2.52 2.75 5.07 4.27 0.47 2.40 9.88 1.19 4.79 1.1 0.45
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Fig. 6 Percentage variations in seismic response due to base isolation for SDC D
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7 Conclusions

Based on the numerical simulation and parameters considered the following
conclusions can be drawn:

• The synthetic time history method helps at reducing the efforts needed by
researchers as it gives a time history with response spectrum compatible with
the seismic response spectrum of the specified location.
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• Significant reduction in the story drift ratios, story shear, and acceleration values
achieved when using hybrid energy absorbers.

• The different performance of the base isolation according to the type of isolation
device has its unique characteristics. The best performance is due HDRB isolator
regarding decrease in the story drift and shear. On the other hand, the minor
displacement occurred when using LRB and FPB isolators.

• Maximum reduction in the story acceleration values is about 3.6% due to HDRB
isolator when accounting for P-Delta effect. This indicated that P-Delta effect
helps at reducing building’s acceleration.

• The study indicated the effectiveness of the different base isolation systems to
improve building’s stability with the best performance is due HDRB isolator to
assure the building greatest stability.

• Base isolation minimize the second-order effect due to P-Delta and reduces the
additional forces due to gravity loads acting on the laterally displaced building.

• The ability of isolators to reduce drift, story shear, and acceleration values is
inversely proportional to the building height increase.
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Estimations the Combined
Flexural-Torsional Strength
for Prestressed Concrete Beams Using
Artificial Neural Networks

Hend S. Zayan and Akram S. Mahmoud

Abstract When considering modern concrete structures, the significant role of
torsional behavior is recognized in engineers’ design considerations. In this paper, the
practical efficiency of dissimilar Artificial Neural Networks ANNs in predicting the
combined torsional strength of prestressed concrete beams is evaluated. The exper-
imental data database on 345 rectangular pre-tensioned prestressed concrete (PC)
and reinforced concrete (RC) beams often published in research literature had been
used to establish an ANN model. The input parameters affecting torsional strength
selected were moment, shear, distance, height, prestressed reinforcing steel strength,
eccentricity, transverse steel ratio, longitudinal steel ratio, rupture strength, yielding
conventional steel tension, and compressive strength of concrete. Each specification
parameter was grouped into a neural network and the combined torsional strength
of the prestressed concrete beam. The ANN models are designed and validated for
any production and assessed across several layers of negative feedback. This study
indicates that artificial neural networks have been reasonable correlated predictions
of the ultimate torsional strength of prestressed concrete beams, about 92%. The
analysis concluded that an ANN model measured the combined torsional strength
by considering the importance factor.

Keywords Generalized regression · Neural network · Prestressed · Reinforced
concrete · Torsion

1 Introduction

In civil engineering practice, space frame members or buildings, horizontally curved
beams, beams that have loadings, edge beams eccentrically, and spiral concrete stair-
cases are typical examples of structural elements exposed to predominant torsional
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torques. However, torsional effects cannot be neglected in the design of such PC
or RC members. Torsion is formed when a member transfers an internal force that
does not act through its shear flow center. Hence, special care must be taken for the
structural systems governed by equilibrium torsion to prevent disastrous failures. For
many years, torsion in prestressed and reinforced concrete structures was regarded
as a secondary effect and was not considered explicitly in design. The torsion design
has received increasingly greater importance after the 1960s. The torsion provisions
in the ACI Building Code ACI 318–89 were proposed in a series of papers by ACI
Committee 438 in 1968 and 1969 and included for the first time in the 1971 code
edition [1].

On the other hand, the British standards had recommendations for torsion design
for the first time in 1972 [2]. Design codes are usually based on twomain approaches,
the space truss comparison, and the skew bending principle. Recent amendments
introduced with the American concrete institute building code (the International
BuildingCode (IBC) and the International Fire Code (IFC),) substituted the construc-
tion approach employed before based on a thin-walled tube truss comparison [3–5].
Neural networks refer to a series of algorithms that simulate a human brain’s opera-
tions to recognize relationships between large amounts of data. The neural network
will extend to different scenarios by hand-crafting the best possible performance
based on what it has experienced in the past.

Many studies use the “torsional strength” of concrete beams. A researcher Huang
[6], in 2012, found the capabilities of the genetic algorithm for predicting the torsional
strength of reinforced concrete beams. Other than that, Huang used a Hybrid Neural
Network to estimate the pure torsion strength of conventional reinforced concrete
beams. Mohammed [7] implemented a neural network to construct a model that
predicts the strength of ordinary reinforced concrete beams. However, thinking the
torsional diameter of reinforced concrete beams diminished by utilizing fibrous rein-
forced plastics (FRP) as reinforcement, Naderpour and Fakharian [8] in 2018 inves-
tigated the degree of strengthening. Mahmood, in 2015 [9] established a new ANNs
model to predicted the torsional strength of prestressed concrete beams and presented
a parametric study on many prestressing force configurations. This paper aims to
investigate the essential factors that affect the torsional behavior of pre-tensioned
PC beams subjected to combined flexural and torsional loadings. The experimental
data were collected from many works of literature for 345 tested specimens. These
specimens were tested under various conditions such as pure torsion, bending with
torsion, and bending-shear with torsional torque for prestressed concrete beams.

2 Generalized Regression Neural Network (GRNN)

Generalized Regression Neural Network GRNN is a probabilistic classical model
established via the researcher Specht [10]. A network’s complicated network struc-
ture makes it efficient at identifying patterns. The highly nonlinear mapping, simple
network architecture, high fault tolerance, and robustness make nonlinear solutions
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more efficient. The network depends on a maximum likelihood approach to regress.
This mechanism is similar to a neural network. Bayesian networks are classified as a
Bayesian network. The Bayesian approach estimates the probability of specific target
values and uses that knowledge to correct the error. Bayesian networks have been
used to evaluate the optimum configuration or causal relationships of variables as a
formof optimization.However, other types of neuronal networks aremore vulnerable
to minimal local problems and over-fit-out training outcomes, using different algo-
rithms to map intermediate/output parameters in which target values are achieved by
random optimization process of weights [11]. The following possibility fromGRNN
analyzed model to provide the aim magnitudes is given in Eq. 1 [12, 13].

P(Hi/D) = p(D/Hi) P(Hi)

p(D)
(1)

where, (D): represents the dataset’s object, (Hi): the independent network model.
These networks are also used for analysis because they effectively solve linear prob-
lems when the linear interpolations are not reached good results. The big benefit of
this approach is that the two separate models can be contrasted, ensuring that the
contrast helps to be more accurate [14]. Torsional Strength of Prestressed Concrete
Beams. Characteristics of Prestressed concrete beams are essentially similar to the
plain concrete beams unless additional torsional reinforcement is provided. It is well
known that subjecting the concrete members to axial prestress results in a substantial
increase in their torsional capacities. However, axial prestress force alonewill not add
any post-cracking ductility index of the member. There is a state of triaxle stresses in
prestressed concretemembers subjected to torsion [15, 16].Cracking occurswhen the
combined stress produced by the torsional shear and prestress exceeds the concrete
strength as defined by an appropriate failure criterion, where (Tn) shall be determined
the lesser value get from Eqs. 2 or 3 [4, 17].

Tn = 2AoAtfyt
S

× cot θ (2)

Tn = 2AoA�fyt
ph

× tan θ (3)

where Ao is the gross area enclosed by torsional shear flow path, θ angle between
the axis of the strut, and the tension chord of the member it shall not be taken
less than 30 degrees nor greater than 60 degrees; At is the area of one leg of a
closed stirrup resisting torsion; Al is the area of longitudinal torsional reinforce-
ment; s is the center-to-center spacing of transverse reinforcement, and ph is the
perimeter of the centreline of the outermost closed stirrup. Tests on prestressed
concrete members in pure and combined torsion with bending and shear force were
first carried out by many researchers [18–31], where some researchers are tested for
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Fig. 1 Structure of the
Three-Layered
Feed-Forward System

normal concrete specimens and others for high strength concrete prestressed rect-
angular beams with a concentric prestressing force. The prestressed members are
observed their it has been established that the member was increased significantly
when subjected to axial compression. Moreover, it has been found that the direction
of the failure cracks depended on the level of prestressing. Background of Artificial
Neural Network (ANN)Modelling.Multi-layers of neural networkwith a forwarding
feeding model are always extensively applied to well-organized detail competencies
[32, 33]. Figure 1 illustrates the characteristic of multi-layer neural networks with
feed-forward modeling.

This neural network contains feedback input data, a structure of a hidden layer (s)
or more, and a layer of output results. These layers, the so-called nodes or neurons,
are exclusively connected by arrows and encompass various processing units. Input
parameters called weights indicate the strength of synaptic connections. Each neuron
has a visibility that is a function of the amount of influences input obtained through
interconnected neurons from other neurons [34, 35]. The optimal number of layers
and the number of neurons in each hidden layer. To pick an appropriate number of
nodes in the hidden layer of neurons in the hidden layers, a trial and error should
then be worked out [36, 37]. Backpropagation is the most efficient algorithm and is
employed in this study. The production emerges from the hidden neurons and flows
out to the results of findings. The network in the first hidden layer is linked to every
neuron, and each network output is connected to every neuron. In this scenario, the
complete relation will be called artificial neural networks ANNs. Initially, the weight
values were set to random variables and the current network parameter settings. The
neuron’s output is calculated using Eq. 4:

Oi = F

⎛
⎝∑

j

Ij × Wij + bi

⎞
⎠ (4)
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where F represents the stimulation function of the neurons, Wi j represents the weight
of the neuron in the simulation process,Oi represents the output of the neuron, I j

represent the neurons input networks, and bi : represents the bias of each neuron. The
function of activation is the component of the neural network where the computation
is carried out absolutely. The activation function of the parameter’s maps represents
input dominion to the output region (finite). Unlike most other functions in which
most use phase means, most map their output to be either in the interval [0, 1] or the
interval [−1, 1]. Throughout the years, there have been multiple ways of activation
functions. Over the past five years, the majority of users have focused on the public
activation feature as flows [38–43]: (a) linearity of activation function; (b) step of
activation function; (c) activation function ramp; (d) sigmoid activation function; and
(e) Gaussian activation function. The network error is then promulgated back to the
input layer, where the link weights are changed from the output layer. This method
is replicated till the error is reduced to the [21, 32, 33, 44–46] choice standard. The
performance errormay be described as aMean Squared Error (MSE) and ismeasured
using Eq. 5:

MSE = 1

nm

n∑
i=1

m∑
j=1

(
tij − yij

)2
(5)

where y represents the prediction process’s output value, and t represents the target
magnitude.ANNsModel and its results. Table 1 illustrated the parameters collected in

Table 1 Parameter estimates
for ANNs model

Hidden layer 1 Output layer

H(1:1)

Input layer (Bias) 1.792 Torsional Torque

fypre 0.132

fy −0.582

fr −0.154

fc −0.142

lstr −0.409

str −0.209

e −0.007

pre −1.016

h −1.346

W −0.727

sh 0.079

M 0.513

Hidden layer 1 (Bias) 0.054

H(1:1) −1.804
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Table 2 Independent
variable importance

Symbol Importance Normalized
importance (%)

Importance index

h 0.214 100.0 High

pre 0.17 79.7

w 0.152 71.3

fy 0.125 58.5

M 0.096 45.1

lstr 0.086 40.3

str 0.045 21.2

fr 0.033 15.6

fc 0.031 14.4

fypre 0.028 13.3

sh 0.017 7.9

e 0.002 0.8 Low

theANNsmodel and issued the output layer of the tested specimen’s torsional torque.
One hidden layer has been used because it does not need the high resolution in these
parameters [42, 47]. Normalized has been chosen in variables. In partition, 20% has
been chosen for testing and 80% for training. For Architecture, a hyperbolic tangent
has been chosen for the hidden layer and the output layer in the activation function
with adjusted normalized correction (0.05). Batch has been chosen in training and
includes in the option. The most important result is the last Figure showing the
model’s skeleton and Table 2 that shows the parameter weights given as input in
Eq. 6:

y = 1

1 + e−θ2+wy tanh(x)
(6)

where y: is the output target, θ2: the basis of the output layer,wy : is the weight (H1:1)
of output parameter (i.e., torsional strength), the value of (x) can be obtained from
Eq. 7, it depended on the weights and their magnitudes of studied parameters:

x = θ1 +
i=1∑

n

wivi (7)

Also, the factors were studied in this model are M: bending moment (kN m),
sh: shear force (kN), W: cross-section width (mm), h: height of cross-section (mm),
pre: initial prestressed force (kN), e: eccentricity of steel strand (mm), str: steel
reinforcement ratio, lstr: longitudinal steel reinforcement ratio, fr:modulus of rupture
(MPa), fy: yielding congenital steel stress (MPa), fibre: yielding prestressing steel
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Fig. 2 Experimental data versus predicted results of max torsional capacity loads

strand stress (MPa), and fc’: compressive concrete strength (MPa). It can be seen that
in Figs. 2 and 3 they validate the predicted result compared with the experimental
results. It can be estimated from these findings, the height of the prestressed concrete
PC beam affects about 100%, hence the most impact on performance. It indicates the
aim vector has a strong sensitivity to bending moment variations. On the other side,
bending moment and shear force parameters have a proportional influence of 41.6
and 16.1%, respectively. It can be noticed that a lower effect on the ultimate torsional
torque in PC combined torsion specimens. Therefore, in this study, the value of (x)
can be written as Eq. 8 below:

x =1.792 + 0.513 ∗ (M) + 0.079 ∗ (sh) − 0.727 ∗ (w)

− 1.346 ∗ (h) − 1.016 ∗ (pre) + 0.007 ∗ (e)

− 0.209 ∗ (str)−0.409 ∗ (lstr) − 0.142 ∗ ( f
′
c)

− 0.154 ∗ ( fr ) − 0.582 ∗ ( fy) + 0.132 ∗ ( fypre) (8)

All algorithms have shown strong estimation power. This study has shown that the
feasibility of ANN models’ potential use in combined torsional strength estimation
of a beam. The skeleton of the model is illustrated in Fig. 4. The result of the ANNs
design equation is expressed in Eq. 9:
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Fig. 3 Normalized importance of ANN model

y = 1

1 + e−(0.054)−(1.804∗tanh(x))
(9)

where x is:

x =1.792 + 0.513 ∗
( m

10.3 ∗ 106

)
+ 0.079 ∗

(
sh

122300

)

− 0.727 ∗
(

w − 76

127

)
− 1.346 ∗

(
h − 127

254

)

− 1.016 ∗
( pre

42.1

)
+ 0.007 ∗

(
e + 6

118

)
− 0.209 ∗

(
str

8.9

)

−0.409 ∗
(

lstr

2.5

)
− 0.582 ∗

(
f

′
c

58.9

)
−0.154 ∗

(
f r

4.8

)

−0.582 ∗
(

fy

400

)
+ 0.132 ∗

(
fypre

1900

)
(10)

Each term is corrected by the equation below:
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Fig. 4 The skeleton of the ANNs model

βi = β − βmin

βmax − βmin
(11)

So, the real ultimate torsion can be calculated from Eqs. 9 and 10 as follows in
Eq. 12:

y = 19.3 ∗ 106

1 + e−(0.054)−(1.804∗tanh(x))
(12)

where y: represents the torsional strength. The mean absolute percentage error
(MAPE) is:

MAPE = ABS

(
toractual − torestemate

toractual

)
(13)
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Table 3 List of analysis coefficients

Parameter MAPE AA R R2

Percentage (%) 92.87 99.92 92.84 86.2

Table 4 Max. and Min. values of input parameters

No Variable Maximum value Minimum value Range

1 M (kN m) 100 0 100

2 Sh (kN) 122.3 0 122.3

3 W (mm) 203 76 127

4 H (mm) 381 127 254

5 Pre (kN) 42.1 0 42.1

6 e (mm) 112 −6 118

7 str 8.9 0 8.9

8 lstr 2.5 0 2.5

9 fr (MPa) 4.8 0 4.8

10 Fy (MPa) 400 0 400

11 Fypre (MPa) 1900 0 1900

12 fc’ (MPa) 58.9 0 58.9

13 Tor (MPa) 20.3 1 19.3

Also, the average accuracy percentage (AA, %) is:

AA = 100−MAPE (14)

The coefficient of correlation (R) and the coefficient of determination (R2) are
shown in Table 3. Also, Table 4 illustrates the values of maximum, minimum, and
ranges of input parameters of this study.

This relation indicates that the ANN predicted output could be found from
experimental studies with reasonably fair precision, as illustrated in Fig. 5.

3 Conclusions

A model proposed for estimating the combined flexure-torsion strengths of
prestressed concrete beams using an artificial neural network algorithm. The findings
of experimental tests on (345) pre-tensioned prestressed concrete beam’s specimens
under pure and combined torsion have been obtained using the existing technical
evidence. The main outcomes of this study are:
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Fig. 5 Comparison between experimental data and ANN models

• After network training for network performance validation, simulation of actual
data was performed, and highly accurate outputs were generated. It proved the
trained neural network’s ability to estimate the torsion capacity of the prestressed
concrete beams subjected to combined loadings.

• The coefficient of correlation (R) between the experimental results and the
network output results was (92.84) which is a good result.

• Studying the networkweights, it was resolute that in prestressed concrete beams, a
discrepancy of cross-section and prestressed force parameters has the most effect
on the torsion torque.

• The effect of eccentricity has the lowest importance parameter used to predict
the torsional strength of the PC beam subjected to combined flexure and torsion
loadings.

• Many parameters have moderate importance values that affect torsional strength,
such as the value of yield stress of reinforcing steel, secondary steel reinforcement
ratios, and the magnitude of bending moment in the section.



594 H. S. Zayan and A. S. Mahmoud

References

1. ACICommittee 318. (1994).Proposed Revisions to Building Code Requirements for Reinforced
Concrete (ACI 318–89) (Revised 1992) and Commentary-ACI 318R-89 (Revised 1992). USA:
Concrete International, Michigan.

2. CP 110: Part 1. (1972). BSI code of practice for structural use of concrete. London: British
Standards Institute

3. ACI Committee and International Organization for Standardization. (2008). Building Code
Requirements for Structural Concrete (ACI 318–08) and Commentary. Michigan, USA:
American Concrete Institute

4. ACI Committee 318. (2019). Building Code Requirements for Structural Concrete (ACI 318–
19) and Commentary (ACI 318R-19). Michigan, USA: American Concrete Institute

5. Arslan, M. H. (2010). Predicting of torsional strength of RC beams by using different artificial
neural network algorithms and building codes. Advances in Engineering Software, 41(7–8),
946–955.

6. Huang, H. C. (2012). Using a hybrid neural network to predict the torsional strength of rein-
forced concrete beams. In Advanced materials research (Vol. 538, pp. 2749–2753). Trans Tech
Publications Ltd.

7. Yousif, S. T., & Abdul-Razzak, A. A. (2007). Analysis of elsto-plastic plates using artifi-
cial neural networks. In The Ninth International Conference on the Application of Artificial
Intelligence to Civil, Structural and Environmental Engineering (pp. 18–21). Malta.

8. Naderpour, H., & Fakharian, P. (2018). Predicting the torsional strength of reinforced concrete
beams strengthenedwith FRP sheets in terms of artificial neural networks. Journal of Structural
and Construction Engineering, 5(1), 20–35.

9. Mahmood, A. S. (2015). Predicting of torsional strength of prestressed concrete beams using
artificial neural networks. International Journal of Scientific and Engineering Research, 6(2),
1222–1230.

10. Specht, D. F. (1991). A general regression neural network. IEEE Transactions on Neural
Networks, 2(6), 568–576.

11. Cigizoglu, H. K., & Alp, M. (2006). Generalized regression neural network in modelling river
sediment yield. Advances in Engineering Software, 37(2), 63–68.

12. Bishop, C. M. (1995). Neural networks for pattern recognition. Oxford University Press.
13. Friedman,N.,Nachman, I., Pe’er,D. (2013).Learning Bayesian network structure from massive

datasets: The” sparse candidate” algorithm. arXiv preprint arXiv:1301.6696.
14. Yu, J., Smith, V. A., Wang, P. P., Hartemink, A. J., & Jarvis, E. D. (2004). Advances to

Bayesian network inference for generating causal networks from observational biological data.
Bioinformatics, 20(18), 3594–3603.

15. Broo, H., Lundgren, K., & Engström, B. (2007). Shear and torsion in prestressed hollow core
units: Finite element analyses of full-scale tests. Structural Concrete, 8(2), 87–100.

16. Tahir, T. A. (1984). Prestressed concrete beams with stirrups subjected to torsion, bending and
shear (Doctoral dissertation, Aston University).

17. Zia, P. (1968).Torsion theories for concrete members (Vol. 18, pp.103–132). Special Publication
18. Rakhshan, N., Ahmadvand, M., & Akbari, J. (2013). Evaluation of ultimate torsional strength

of reinforcement concrete beams using finite element analysis and artificial neural network.
International Journal of Engineering, 26(5), 501–508.

19. Adheim, M. A. (2006). Study of the behavior of pretensioned concrete beams under combined
bending and torsion. Ph.D. Thesis, Civil EngineeringDepartment, University of Baghdad, Iraq.

20. Bishara, A. (1969). Prestressed concrete beams under combined torsion, bending, and shear.
In Journal Proceedings (Vol. 66, No. 7, pp. 522–524).

21. Gomes, H. M., & Awruch, A. M. (2004). Comparison of response surface and neural network
with other methods for structural reliability analysis. Structural Safety, 26(1), 49–67.

22. Hsu, T. T. (1968). Torsion of structural concrete-behavior of reinforced concrete rectangular
members (Vol. 18, pp. 261–306). Special Publication

http://arxiv.org/abs/1301.6696


Estimations the Combined Flexural–Torsional Strength … 595

23. Shepherd, P. (2014). Subdivision surfaces’. In S. Adriaenssens, P. Block, D. Veenendaal, C.
Williams (eds) (pp. 295–300).

24. Wafa, F. F., Shihata, S. A., Ashour, S. A., & Akhtaruzzaman, A. A. (1995). Prestressed high-
strength concrete beams under torsion. Journal of Structural Engineering, 121(9), 1280–1286.

25. Rahal, K. N., & Collins, M. P. (2006). Compatibility torsion in spandrel beams using modified
compression field theory. ACI Materials Journal, 103(3), 328.

26. Lopes, S. M., & Bernardo, L. F. (2014). Theoretical model for the mechanical behavior of
prestressed beams under torsion. Cogent Engineering, 1(1), 943934.

27. Mahmood, A. S. (2010). Investigation of torsional strength of prestressed beams strengthened
with CFRP. Doctoral dissertation, University of Mosul, Iraq.

28. Kamara, M. E., & Rabbet, B. G. (2007). Torsion design of structural concrete based on ACI
318-05. Professional Development Series, Portland Cement Association. Structural Engineer,
Atlanta, 8

29. Mohammed, A. A. (2012). Predicting of torsional strength of reinforced concrete beams using
artificial neural network. The Iraqi Journal for Mechanical and Material Engineering, 12(4),
694–708.

30. Deifalla, A., Awad, A., Seleem, H., & Abdelrahman, A. (2020). Experimental and numerical
investigation of the behavior of LWFC L-girders under combined torsion. In Structures (Vol.
26, pp. 362–377). Elsevier.

31. Gangarao, H. V., Zia, P. (1973). Rectangular prestressed beams in torsion and bending. Journal
of Structural Division, 99(ST1), 183–198.

32. Razzak, A. A., Yousif, S. T. (2006). Artificial neural network model for predicting structural
properties of elasto-plastic plates. In Fourth Jordanian Civil Engineering Conference (pp. 10–
13).

33. Yousif, S. T., & Abdullah, S. M. (2009). Artificial neural network model for predicting
compressive strength of concrete. Tikrit Journal of Engineering Sciences, 16(3), 55–66.

34. Demuth, H., Beale, M. and Hagan, M. (1994) Neural network toolbox. Mathworks.
35. Sanad, A., & Saka, M. P. (2001). Prediction of ultimate shear strength of reinforced-concrete

deep beams using neural networks. Journal of Structural Engineering, 127(7), 818–828.
36. Vanluchene, R. D., & Sun, R. (1990). Neural networks in structural engineering. Computer-

Aided Civil and Infrastructure Engineering, 5(3), 207–215.
37. Ababneh, A., Alhassan, M., & Abu-Haifa, M. (2020). Predicting the contribution of recycled

aggregate concrete to the shear capacity of beams without transverse reinforcement using
artificial neural networks. Case Studies in Construction Materials, 13, e00414.

38. George, U. A., & Elvis, M. M. (2019). Modelling of the mechanical properties of concrete
with cement ratio partially replaced by aluminiumwaste and sawdust ash using artificial neural
network. SN Applied Sciences, 1(11), 1–18.

39. Gupta, S. (2013). Using artificial neural network to predict the compressive strength of concrete
containing nano-silica. Civil Engineering and Architecture, 1(3), 96–102.

40. Xi, X., Yin, Z., Yang, S., & Li, C. Q. (2021). Using artificial neural network to predict the
fracture properties of the interfacial transition zone of concrete at the meso-scale. Engineering
Fracture Mechanics, 242, 107488.

41. Sahoo, S., &Mahapatra, T. R. (2018). ANNmodeling to study strength loss of fly ash concrete
against long term sulphate attack. Materials Today: Proceedings, 5(11), 24595–24604.

42. Asteris, P. G., Mokos, V. G. (2019). Concrete compressive strength using artificial neural
networks. Neural Computing and Applications, 1–20

43. Uchechukwu, E. A., & Austin, O. (2020). Artificial neural network application to the
compressive strength of palm kernel shell concrete. MOJ Civil Engineering, 6(1), 1–10.

44. Oreta, A. W. C. (2004). Simulating size effect on shear strength of RC beams without stirrups
using neural networks. Engineering Structures, 26(5), 681–691.

45. Abdul-Razzak, A. A., & Yousif, S. T. (2007). Artificial neural network model for predicting
nonlinear response of uniformly loaded fixed plates. Engineering and Technology, 25(3), 334–
348.



596 H. S. Zayan and A. S. Mahmoud

46. Abdul-Razzak, A. A., Yousif, S. T. (2008). Artificial neural networks model for predicting
thickness of rectangular plates. In International Conference on Innovative and Smart Structural
Systems for Sustainable Habitat (INSHAB-2008) (pp. 03–05). Coimbatore

47. Zayan, H. S., Farhan, J. A., Mahmoud, A. S. and Juma’a, A. (2017). A parametric study and
design equation of reinforced concrete deep beams subjected to elevated temperature. InGlobal
Civil Engineering Conference (pp. 193–214). Springer: Singapore.



Theoretical Evaluation of Sand Subgrade
Behavior Underneath the Asphalt
Pavement with Rutting Deformation

Saad F. I. Al-Abdullah, Zaman T. Teama, Suha Aldahwi,
and Maysaloon Zaidn

Abstract Asphalt layers in flexible pavement structure consider themost costly than
other layers and play an essential role in the cost of a highway structure. This paper
will investigate the influence of change in thickness of asphalt layer on rutting and
strain in the flexible pavement when roads construct above sand soil subgrade. Two
methods are implemented; the first is the experimental inspections by simulation of
three paved highway layers, using an iron box with dimensions of 60 cm length,
50 cm width, and 40 cm depth. Sandy soil is used as a subgrade course layer to
study its behavior by using it as a part of a flexible pavement structure under a
traffic load at a relative density of 57%. The impact of change in the thickness of
the asphalt concrete layer in the distribution pattern for rutting and strain behavior is
also investigated using a three-dimensional finite element approach by the ABAQUS
program ver.6.14.4. One of the models is building verify of ABAQUS simulation;
after ascertaining the program, other models built to simulate the real road with
dimension (5 m width and 10 m length) which represented ring road of Baghdad
university, three thickness of asphalt layer 5 cm, 10 cm, 15 cm, and 20 cm are used.
The thickness of the subbase layer and sand subgrade layer was stilled constant at
all models, 25 cm and 250 cm. The laboratory results demonstrated that the low
number of the truck passed when used sand soil at a relative density of 57% as a
subgrade layer led to the failure of the flexible pavement; the verifying result shows
the ABAQUS program was very good in the simulation laboratory model. The real
road simulation results illustrated that when asphalt layer thickness, the number of
passes increases, and the rutting and strain decrease.
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Keywords Sand subgrade · Flexible pavement · ABAQUS models

1 Introduction

Flexible pavement layer in roads’ construction considers as highest cost and more
strength than other layers in the paved road [1]. The asphalt layer carries the major
part of the traffic loads and reduces the stress that is progressive to subgrade to reduce
the distress in the pavement body [2]. The subgrade layer is essential in keeping the
pavement stable and resistant to deformation. Sand covers a large area of Iraq, reduces
efficiency, and increases maintenance charges for highways [3]. So, it’s necessary to
make it suitable to use in road construction [4] by understanding the stress and strain
behavior of it under loads.

2 Materials

The material which used in this paper is local and available locally.
Subgrade. In this research project, the experimental work was carried out using

local sand, which has properties given in Table 1.
Subbase Course. The subbase buys from Al- Nibaee quarry, north of Baghdad,

this subbase is usually used as a layer in the flexible highway pavement construction
[5].

Asphalt Layer. The asphalt cement 40–50 penetration grade coming from Doura
refinery [6] is used for experimentation and aggregates confirming midpoint grada-
tion of grade II specifications as per Iraq specification have been used [7]. Table 2
shows the properties of asphalt.

Table 1 Properties of sand
soil subgrade

Type properties Index value

Specific gravity (Gs) 2.67

Liquid Limit (LL, %) 25

Plastic Limit (PL, %) NP

Plasticity Index (PI, %) NP

Maximum unit weight 18.7 kN/m3

Soil Symbols (USCS) SP-SM
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Table 2 The properties of
asphalt cement

Property Asphalt Cement Daurah
(40–50)

Penetration (25 °C, 100 gm.,
5 s), (1/10 mm)

42

Softening Point (Ring and Ball),
°C

51

Ductility, cm >100

Flash Point (Cleave land
open-cup)

335

Specific Gravity, 25 °C 1.048

Loss on heat (5 h, 163 °C, 1/8"),
%

0.18

Fig. 1 The steel box and laboratory model under the wheel

3 Laboratory Models Preparation

The model was built in the laboratory consists of a steel box with dimension 60 cm
length × 50 cm width × 40 cm depth as shown in Fig. 1. The sand at a relative
density of 57% installed first as a subgrade layer using the raining technique [8], the
second layer put above the sand is subbase, and the final layer put is asphalt layer
with 5 mm depth. The wheel of the machine put above the layer, as illustrated in
Fig. 1.

4 Finite Element Modeling

One of the commonly important techniques employed for pavement models is the
finite element approach [9] 3D model was built by using the ABAQUS program
6.14.4, to understand with more accuracy. The pattern of distribution of the rutting
in the whole road layers at the different thickness of asphalt layer above the sand.
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3D finite element ABAQUS program that owns the capacity to simulate real traffic
loading and predict the structural response for asphalt roads are used to simulate the
experimental model with the same thickness of layer as illustrated in Fig. 2. After
verifying the laboratory model with ABAQUS model, real dimension of road 5 m
width and 10 m length used to simulate the behavior of roads under traffic loads with
different asphalt layer thickness 5 cm, 10 cm and 15 cm with a constant thickness of
subbase and subgrade layer 25 cm and 250 cm respectively as illustrated in Fig. 3,
the properties (elastic models and Poisson’s ratio) are given in Table 3.

ABAQUS Finite Element Types and Boundary Condition. The 8-node
continuum three-dimensional brick element (C3D8R) are used to build the model.
This element owns the ability to calculate extensive deformation, also has three
degrees of freedom at each node [10], Fig. 4 shows model mesh. The boundary

Fig. 2 Simulation of laboratory model by ABAQUS

Fig. 3 Simulation of a real
road
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Table 3 The impute
properties of the materials

Layers Modulus of elasticity (MPa) Poisson’s ratio (ν)*

Asphalt 1500 0.35

Subbase 125 0.35

Subgrade 4 0.3

Fig. 4 Finite element mesh of studied model

conditions have a notable influence in prognosticating the response of the model,
the bottom facade of the subgrade and sides of layers is considered to be fixed, and
this expresses the bottom and sides of the iron box; Fig. 5 illustrated the boundary
conditions for the laboratory and real models. The loading of traffic simulated by the
ABAQUS model through applying a standard single axle load of 18 kips (18 kN)
with dual tires and contact pressure of (0.6MPa) is used and illustrated in Fig. 6 [11].

5 Results and Discussion

The moving wheel loading device was applied to estimate the rut depth. The lab.
model subordinated to moving pressure of 150 MPa on the surface of asphalt pave-
ment, the result shows the number of passes (N.) was 500 passes which consider low,
the pavement with sand subgrade was weak, the Figs. 7, 8 and 9 illustrated the rutting
at the asphalt layer and subbase and subgrade layer respectively. TheABAQUSmodel
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Fig. 5 Boundary condition for laboratory and real road models

Fig. 6 Standard single axel load [10]
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Fig. 9 Profile of deformation in sand subgrade layer of laboratory model

builds to simulate it, laboratory model, the result of the ABAQUS program demon-
strated in Fig. 10, the verify of models show that laboratory and ABAQUS result
was so close as shown in Fig. 11, so the ABAQUS program can be used to simulate
the asphalt pavement. After verified of models, and ABAQUS program was used
to simulate a real road to get comprehensive capture for strain and rutting on the
entry of pavement layers and the effect of change asphalt layer thickness on strain
and rutting when using sand soil as a subgrade layer in the construction of roads
under constant loading condition and understand the range of effect the thickness of
asphalt layer on the behavior of pavement structure. Figures 12, 13, 14 and 15, we can
see the rutting distribution for each model. When the thickness of the asphalt layer
increases, the pavement may behave in the same pattern, but the result of models
shows that when the thickness of pavement increases, the value of rutting decreases
for the same loading condition as illustrated in Fig. 16. From the ABAQUS output’s
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Fig. 10 ABAQUS result for rutting for laboratory model simulation
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Fig. 11 Result of laboratory and ABAQUS models

strain distribution shape, we can see the difference between each one to another. The
value of logarithm also strains different for each thickness of asphalt layer, as illus-
trated in Figs. 17, 18, 19 and 20. Figure 21 demonstrated that when asphalt thickness
increases, the strain in the whole pavement structure decreases.
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Fig. 12 Rutting for real road simulation with asphalt layer 5 cm

Fig. 13 Rutting for real road simulation with asphalt layer 10 cm

6 Conclusions

The effect of asphalt layer thicknesses over sand soil foundation have been studied
through using laboratory approach through build model and theoretically approach
by the utilization of ABAQUS program to investigate the behavior of road which
have sandy soil as subgrade at relative density 57% and different thicknesses of an
asphalt layer on the strain and rutting of roads. The following concluding notes;
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Fig. 14 Rutting for real road simulation with asphalt layer 15 cm

Fig. 15 Rutting for real road simulation with asphalt layer 20 cm

• The laboratory model shows that the pavement with sand soil subgrade has
sustained a low number of wheel passes which means the pavement with sand
subgrade at a relative density of 57% is weak.

• The ABAQUS program simulation results for the laboratory model illustrate that
the ABAQUS program can be used to simulated Asphalt pavement.

• Themodels ofABAQUS,which simulate the real roads, shows the shape of rutting
more minor each model to other which mean that the increase in thickness of
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Fig. 16 The relationship
between rutting and thickens
of the asphalt layer
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Fig. 17 ABAQUS logarithm strain result for real road simulation with 5 cm asphalt layer thickness
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Fig. 18 ABAQUS logarithm strain result for real road simulationwith 10 cmasphalt layer thickness
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Fig. 20 ABAQUS logarithm strain result for real road simulationwith 20 cmasphalt layer thickness
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Fig. 21 Relationship between logarithm strain and time loading for different asphalt thicknesses

asphalt layer with sand subgrade don’t affect in change the pattern of deformation
of road, but the value of rutting decrease as thickness of asphalt increases.

• The models of ABAQUS, which simulate the real roads, shows that the pattern
of logarithm strain variation from each model to another, which mean that the
increase in thickness of asphalt layer with sand soil subgrade effect changes the
pattern of strain for road, and the value of strain decrease as thickness of asphalt
increases.

• From the conclusion above is apparently the use of sand soil at a relative density
of 57% don’t give stable roads so it’s not an economic choice to use without more
investigation and improvement.
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7 Future Work

The result and conclusion represented in this paper show that we need more investi-
gation before used sand soil at a relative density of 57% as a subgrade, so we suggest
constructing a portion from the road as using the sand soil as subgrade and study
with real traffic loads.
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Large Scale Laboratory Setup for Testing
Structural Performance of Slender
High-Strength Concrete Columns
Subjected to Axial Load and Fire:
A Preliminary Study

Muyasser M. Jomaa’h, Ali I. Salahaldin, Qahtan A. Saber,
and Aram M. Raheem

Abstract This study has introduced a large-scale laboratory framework to inves-
tigate the structural performance of distinctive concrete types, including reactive
powder and normal strength concretes to be used in slender columns exposed to
high degrees of temperature. An advanced laboratory assembly has been prepared to
ensure the full control of the applied high temperature on the tested concrete samples.
Two distinctive types of concretes, consisting Normal Strength Concrete “(NSC)”,
and Reactive Powder Concrete “(RPC)”, have been cured for 28 days tested under
extraordinary heats in the variety of 450 °C to 750 °C. It has been shown that as
the temperatures increased from 450 °C to 750 °C, the compressive strengths have
decreased by 93% and 81% for both NSC and RPC, respectively. In addition, a strong
linear relationship has been observed between the concrete compressive strength and
temperature, where a linear model has been used to predict such association with a
maximum R2 of 0.9944.

Keywords Large-scale laboratory · Distinctive concrete · Slender column · High
degree of temperature

1 Introduction

Reinforced concrete is a commonly used building element in Iraq and around the
world. As a consequence, the behavior of these systems, as well as their failure
modes, has been thoroughly researched. In recent years, the deterioration of concrete
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strength induced by rapid-duration coverage to high temperatures (fire) has received
a lot of recognition. The behavior of members exposed to fire is dictated by dynamic
interactions that occur throughout the heating phase. The forms of concrete failure
that arise when a building is exposed to fire vary based on the intensity of the fire,
the loading mechanism, and the form of structure. Furthermore, failure may occur
for a number of causes, including a defeat of shear strength, a reduction in bending
or tensile strength, and a drop in compressive strength.

Several experimental and theoretical reviews on the deterioration of the strength
of concrete column because of rapid-period fire coverage have been conducted in
the last decade [1–7]. The following findings have been taken from these analyses
of fire-damaged columns:

1. At approximately 300 °C, concrete starts to break on the floor, with deeper
cracking beginning at 540 °C. Spalling happens, accompanied by the tearing
away of the thin concrete cover along with the corners and sides.

2. As the temperature of concrete is raised to 300 °C, it loses almost third of its
compressive strength, and once warmed to 600 °C, it loses around 70% of its
compressive strength.

3. At 300 °C, the concrete elasticity modulus approaches 60% of its original value,
and at 600 °C, it comes to 15% of its initial value.

4. Concrete strength reduces as the temperature rises, and this reduction in strength
is followed by a decrease in concrete stiffness as the concrete strains rise.

5. Vertical cracks emerge, followed by concrete crushing, accompanied by a
crackle sound and local longitudinal reinforcing buckling.

6. The fire resistance of columnswithwide longitudinal bar diameters is somewhat
lower than that of columns contain lesser bar diameters, besides the rise in the
cover of the concrete has a beneficial impact on the fire endurance in all types
of the columns.

Research reports have shown that column models and prototypes have a clear
connection (with comparable manners of cracking shapes and failure), suggesting
that no demand to examine the accurate impact of a large-size prototype is necessary
where a instance measure feature for prototypes should stand in use [3, 4].

Any requirements for structural fire-resistance are required by design building
codes tomaintain building stability for a definedperiodof time exposed tofire circum-
stances. These requirements grant inhabitants to safely evacuate and firefighters to
gain entry.

The principal aim of this research is to test different types of concrete samples
prepared from Normal strength concrete “(NSC)” and Reactive Powder Concrete
“(RPC)” subjected to a high level of temperatures. Specifically, it is required to
investigate the relationship between the compressive strength of various kinds of
concrete exposed to a high level of temperatures applied for a long period of time
where the tested temperatures differ from 450 to 750 °C. In addition, the study has
focused on using the obtained results as a preliminary characteristic on the possibility
of using such types of concrete in designing slender structural concrete exposed to
high temperatures.
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Table 1 Natural chemical
and physical cement
properties, Type I

Constitutents Substance % Limits (Iraqi
Standards, No. 5-1984)

Al2O3 4.9 –

CaO 62 –

SO3 2.2 2.8% (Max.)

Fe2O3 3 –

SiO2 20.8 –

MgO 2.2 5% (Max.)

Highest compositions

C3S 50.62 –

C2S 21.60 –

C3A 4.30 –

C4AF 9.08 –

Limits (Iraqi
Standards, No. 5-1984)

Results Physical properties

lower limit (230
m2/kg)

346 m2/kg Specific surface area
(m2/kg)

Not less than 45 min
Not more than 10 h

3:05
5:20

Setting time using
vacate
Initial setting in
hrs:min
Final setting in hrs:min

Not less than 15 MPa
Not less than 23 MPa

22.7 MPa
27.7 MPa

Compressive strength
in MPa
3 days
7 days

2 Materials and Methods

2.1 Cement

The used cement was the regular Portland cement “(Type I)” produced by the Mass
factory in Bazian-Iraq. The natural chemical and physical properties of the cement
are given in Table 1. From the test results, it was indicated that the utilized cement
followed the Iraqi standards (No. 5-1984) [8].

2.2 Fine Aggregate

In the concrete mix, the used fine aggregate was the river sand, and it was obtained
from the Kara Salem zone in Kirkuk city. Once performing the necessary evaluation,
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it was shown to be in zone (2) (IQS No. 45/1984, 2/2010) [9]. The grading is shown
in Table 2 whereas the physical and chemical properties are summarized in Table 3
and Fig. 1, respectively.

2.3 Coarse Aggregate

The used gravel (crushed) is provided from the zone of Lailan area in Kirkuk city, and
the used gravel had amaximum size of 12.5mm. The grading is shown in Table 4, and
it is following the standard requirements [9]. The chemical and physical properties
for the coarse aggregate are summarized in Table 5.

2.4 Micro Silica

Densifiedmicro-silica type (MS 610) produced byCONMIX, as shown in Fig. 2, was
utilized to be supplied as a mineral constituent to the mix as a fractional substitution
for the cement weight. Such silca is extremely effective pozzolanic substance with
tiny sphere-shaped elements. It is a silicon processing product, which reacts from
hydrate to the calcium hydroxide product to create an extra binder cement. Table 6
represents the typical properties of the micro-silica used in this study, which satisfies
the performance requirements of ASTM(C1240-03 2005) [12].

2.5 Super-Plasticizer

The admixtureMegaFlow 3000 provided by CONMIX chemical industrial company,
presented in Fig. 3. In this research, a superplasticizer with an extraordinary water
reducing capacity known as HRWR was applied. HRWR has the ability to enhance
the workability of RPC.As the HRWR is functioned, the water amount for the same
workability is reduced and the concrete strength will considerably improved for the
curing ages. In addition, HRWR accelrates the cement scattering and electrostatic
dispersion. It has no chloride and satisfies type (E) [13]. Its main properties are given
in Table 7.

2.6 Polypropylene Fibers

Monofilament fibers developed by the BASF chemical corporation, commercially
known as (RHEOFIBRE®), were the polypropylene fibers that used in this analysis.
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Table 3 Mechanical properties of aggregate (fine)

Properties Results Standards Limits

Sulfate–SO3 (%) 0.09 IQS [9] Max. (0.5)

Finer than 0.075 mm 1 IQS [9] Max. (5)

Dry unit weight (kg/m3) 1495 ASTM (C29/C29M) [11] –

Specific gravity 2.65 ASTM (C128-01) [10] –

Absorption (%) 2.15 ASTM (C128-01) [10] –

Fig. 1 Sieve analysis of fine aggregate

Table 4 Coarse aggregate grading

Sieve diameter-mm (IQS No. 23) Retained (%) Accumulative (%) IQS (No.45-1984)

19.5 0 100 100

12.5 55.5 94.45 90–100

9.5 49.07 50.93 40–70

4.75 90.73 9.27 0–15

2.36 99.99 0.01 0–5

Table 5 Chemical and physical properties of normal coarse aggregate

Properties Results Standards Limits

Sulfate content–SO3 (%) 0.029 IQS [9] Max. (0.1)

Dry unit weight (kg/m3) 1595 ASTM (C29-C29M) [11] –

Specific gravity 2.6 ASTM (C128-01) [10] –

Absorption (%) 1.12 ASTM (C128-01) [10] –
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Fig. 2 Micro Silica

Table 6 Typical properties
of Micro Silica

Defined property Range or description

Color Grey powder

Availability Micro powder

Specific gravity 2.1–2.4

Density 500–700 kg/m3

Chemical requirements
Silicon Dioxide (SiO2)
Moisture Content (H2O)
Loos on Ignition (L O I)

Minimum 85%
Maximum 3%
Maximum 6%

Physical requirements
Surface area
Activity index
(Pozzolanic)—7 days
% retained on sieve 0.045 mm

Minimum 15 m2/g
Maximum 105% of control
Maximum 10%

Each fiber is approximately 12 mm in length. Polypropylene is a synthetic hydro-
carbon polymer whose fabric is immune to the cement mixture’s alkaline environ-
ment without degrading, non-magnetic, rustproof, chemical-inert water absorption
(Masterfiber, Masterfiber, and Can, n.d.). The polypropylene fibers with their prop-
erties are represented in both Fig. 4 and Table 8 respectively. The main advantage of
polypropylene is its melts when exposed to high temperatures and left small cavi-
ties in the structure of concrete. This feature allows for trapped water vapor to go
out from reactive powder concrete as they very dense materials. the trapped water
vapor destroys the concrete under high temperature due to an increase in the internal
pressure of vapor.
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Fig. 3 Super-plasticizer

Table 7 Typical properties
of HRWR (MegaFlow 3000)

Defined property Range or description Standard

Color Opaque –

Form Fluid –

Constituent Distinct –

Chloride percent 0 BSEN 480–10

Air entrainment ≥1% (contorl mix) ASTM C231

Specific weight ASTM C494 1.11 ± 0.02

pH 5 to 7 ASTM C494

2.7 Mix Preparation

Normal Strength Concrete (NSC).
Mixing was done in a blender cylinder with a capacity of 0.103 m3, as shown

in Fig. 5. It was important to keep the mixer clean, moist, and free of water before
starting process. Coarse with fine aggregates have been placed at the beginning
process, after which cement was placed and mixed in a dry state, then the water with
sufficient volume has been added to the mixer where the mixing process continues
inside the mixer for 5 min to obtain a homogeneous mixture.

Reactive Powder Concrete (RPC).
The route of mixing is crucial to obtaine the necessary workability with uniform

consistency of the prepared mixes of concrete. The labrotaroy process of mxing has
been completed using a horizontal mixer (pan type with capacity of 0.103 m3). The
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Fig. 4 Polypropylene fibers

Table 8 Standard
polypropylene properties

Modulus of Elasticity (Mpa) 3500–3900

Length of fiber (mm) 12

Diameter of fiber (micron) 18

Density (gm/cm3) 0.91

Surface area (m2/kg) 230 (min.)

Air entrainment Obviously retaining air content
in concrete

Alkalis % 0

Cholride % 0

Sulfate % 0

Tensile strength (MPa) 350 (min.)

Melting point (oC) 160

required weights of sand (fine particles) were measured in the condition of saturated
surface dry state (SSD).The procedure is summarized as follows [14]:

– The sand is placed in the mixer.
– The fibers are slowly added to the used mixer in order not to congregate. The

blending of fibers proceeds for almost five minutes.
– Both quantities of cement and micro-silica have been added and blended for five

minutes.
– Fifty percent of the required mixing water is applied to the spinning blender for

five minutes.
– In the remaining mixing water, the superplasticizer has been liquefied.
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Fig. 5 Mixer used for specimen mines

– The solvent is applied subsequently andmixed for fiveminutes in the rotarymixer.

In this study, multiple mix ratios were checked to achieve optimum compres-
sive power according. In the current analysis, ninth RPC mixes were performed as
shown in Table 9 to investigate the fresh and hard RPC performance to optimize
the best blend. Linear polynomial has been used to model the variation of concrete
compressive strength with different W/P. The proposed model can be represented as
follows:

σ ′
c = A ∗ (W/P) + B (1)

where: A and B are model parameters.

Table 9 Reactive powder concrete mixtures used for this study

Trail
Mix

Cement:
Sand

Cement
(kg/m3)

Sand
(kg/m3)

Silica
fume
(kg/m3)

W/P Polypropylene
Fibers (Vf %)

S.P
Dosage
(kg/m3)

Comp.
Str. For
28 day
(fcu)
(MPa)

1 1:1 1091.25 1091.25 121.25 0.20 0.50 18.18 104.0

2 1:1 1091.25 1091.25 121.25 0.22 0.50 18.18 97.1

3 1:1 1091.25 1091.25 121.25 0.24 0.50 12.13 96.8

4 1:1.25 970.2 1347.5 107.8 0.20 0.50 16.17 102.0

5 1:1.25 970.2 1347.5 107.8 0.22 0.50 10.78 97.8

6 1:1.25 970.2 1347.5 107.8 0.24 0.50 10.78 90.0

7 1:1.5 873.0 1455.0 97.0 0.20 0.50 14.55 112.0

8 1:1.5 873.0 1455.0 97.0 0.22 0.50 14.55 101.0

9 1:1.5 873.0 1455.0 97.0 0.24 0.50 9.70 93.0
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Fig. 6 The relation of compressive strength with W/P for various ratios of cement to sand

Table 10 Model parameters
for compressive strength
versus W/P

Cement: Sand A B R2

1:1 −181.25 139.16 0.7871

1:1.25 −300 162.58 0.9724

1:1.5 −475 206.5 0.9918

The modeling for the correlation of concrete compressive strength using various
W/P has been shown in Fig. 6. All the linear polynomial model coefficients have
been summarized in Table 10. It is noticeably shown that the proposed mathematical
model has a good agreement with the experimental data where the R2 range was
from 0.7871 to 0.9918.

The usedmix design is utilized for constructing slender columns exposed to fire or
high temperatures. Building such a design in the laboratory needs a careful strategy
where the details have been explained thoroughly.

2.8 Testing Device

The concrete column inspection device consists of a steel frame with a thickness of
20 mm, a length of 2.8 m, and a width of 1.44 m, as shown in Fig. 7.

A temperaturemeasuring device inside the ovenwith a thermal cable Device type:
EXTECH: 4-Channel thermometer/Datalogger Model SDL 200 as shown in Fig. 8.

The dimensions of the firing furnace are 1.40 m long and 1.20 m wide, as shown
in Fig. 9.

This oven consists of three basic layers:

– The outer layer is ordinary clay bricks
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Fig. 7 Steel frame

Thermocouple type K
Temperature indicator

Fig. 8 Temperature measuring device inside the oven

Fig. 9 Steel frame and incineration oven

– Ceramic fiber blanket withstands 1260 °C.
– Fire brick withstands 1200 °C.
– A high-pressure gas flame

The bonding material for building fire bricks is gallema sicacllg withstands
1400 °C.

The furnace with the used equipment in the combustion process has been supplied
with two small openings to provide sufficient air for the burners. Themain objective of
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the oven chamber is to continuously increase the temperature for the required period.
The burner net is made of single methane gas stoves in length parallel to a single-
sided column model. At the age of 28 days, the curing process will be completed,
after which, samples will be left for 25 days without treatment, and on the fifty-fifth
day, the column samples will undergo a burn. The portion of the concrete sample
localized between the edges (middle portion) has a fair face toward the methane
stoves. After achieving the burning time for 1, 1.5, and 2 h at temperatures 450, 600,
and 750 °C, the gas valve will be closed. Then, the samples will be allowed to cool
to an ambient temperature.

2.9 Reinforced Concrete Columns

Twenty reinforced concrete columns will be tested using the test rig mentioned
before; half of the samples will be constructed using normal concrete and the other
by high strength reactive powder concrete. All the specimens have the same cross-
section and reinforcing details. The columns are 150 by 150 mm in width and
1600 mm in length. Four bars 10 mm will be used as the main reinforcement, while
6 mm bars will be used as ties.

3 Results

The preliminary results of this study have included investigating the effects of
abnormal temperatures on the compressive strength of both NSC and RPC samples,
as shown in Fig. 10. The studied temperatures varied from 450 °C to 750 °C. It is
clearly indicated that the compressive strengths of bothNSC andRPChave decreased
with increasing temperatures. The RPC has shown greater strength compared to NSC

Fig. 10 The relation of the concrete compressive strength with the temperature
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NSC sampleRPC sample

Fig. 11 Both tested NSC and RPC samples

at the same corresponding temperatures. As the temperatures increased from 450 °C
to 750 °C, the compressive strengths have decreased by 93% and 81% for both NSC
and RPC, respectively. The rate of the reduction in the compressive strength in the
RPC was lower than the NSC, which makes the RPC more favorable to be used in
high-temperature conditions.

Both tested samples of NSC and RPC have been shown in Fig. 11.
A linear polynomial has been used to model the correlation of concrete compres-

sive strength with different temperatures. The proposed model can be represented as
follows:

σ ′
c = C ∗ (W/P) + D (2)

where: C and D are model parameters.
The modeling for the relation of concrete compressive strength with temperatures

has been shown in Fig. 12. Both linear polynomial model coefficients have been
summarized in Table 11. It is noticeably shown that the proposed mathematical
model has a decent agreement with the experimental data where the R2 range was
from 0.7871 to 0.9918.

Fig. 12 Modeling the
relation of the concrete
compressive strength with
the temperature
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Table 11 Model parameters
for compressive strength
versus temperature

Concrete types C D R2

NSC −0.1533 171 0.9944

PRC −0.0833 87.667 0.9394

4 Conclusions

The results of this study have revealed the following conclusions:

1. A linear relationship has been noticed between the concrete compressive
strength and W/P, where a linear model has been used to predict such variation
with a maximum R2 of 0.9918.

2. It is clearly showed that the compressive strengths of both NSC and RPC have
reduced with increasing temperatures.

3. The RPC has shown greater strength compared to NSC at the same corre-
sponding temperatures.

4. As the temperatures increased from 450 °C to 750 °C, the compressive strengths
have decreased by 93% and 81% for both NSC and RPC, respectively.

5. The amount of the decrease in the compressive strength in the RPC was
lower than the NSC, which makes the RPC more favorable to be used in
high-temperature conditions.

6. A linear relationship has been observed between the concrete compressive
strength and temperature, where a linear model has been used to predict such
association with a maximum R2 of 0.9944.
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Experimental Investigation of Masonry
Arches Strengthened with Carbon Fiber
Composites CFRP

Juman E. M. ALTemimi, Abdulmuttalib I. Said, and R. Al-Mahaidi

Abstract This study is a part of a full experimental program intended to contribute
to the understanding of the structural behavior of masonry arches before and after
being strengthened with FRP composite materials. The work involved constructing
two sets of masonry arch models and loading them to failure by applying single-
point loads at the quarter span. The research presents results and conclusions
regarding the structural response, load-carrying capacity improving, and mode of
failure for the un-strengthened and strengthened arches. A significant increase of
load-carrying capacity was evident for the strengthened arches when compared with
un-strengthened arches; the value exceeded the double. The corresponding displace-
ments were evidently affected. The most affected displacements were the displace-
ments corresponding with the upward zone. The upward displacement decreased
about five times in the strengthened arches when compared with the displacements
of the same locations in the un-strengthened arches. One of the most important
results gained was the load–displacement curves which were clearly affected by
CFRP applying in values and shapes.

Keywords Experimental ·Masonry arches · Strengthened · CFRP

1 Introduction

Due to their structural advantage, arches were being the fundamental structural
elements in the historical buildings and the most efficient to span openings. Conser-
vation of this architectural heritage is a challenging task due to the geometrical
complexity and lack of knowledge about their structural behavior. Recently, an
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increasing interest in composite fibermaterials, commonly known as fiber-reinforced
polymers (FRP) has been devote. Thesematerials present several advantages, such as
low specific weight, corrosion immunity, and high tensile strength. Their flexibility
and ease of application allow a wide range of intervention strategies. In recent years,
researches in strengthening or retrofitting of masonry building using composite poly-
mers have evidently increased.Many experimental and theoretical studies weremade
on a specific element or the building as awhole, using numerous systems of FRP rein-
forcing [1–16]. The possibility of adopting FRP composites for the strengthening of
masonrywas initially investigated byCroci et al.,who testedwall specimens strength-
ened with vertical and inclined FRP materials. Schwegler was the first to propose
and study the use of carbon laminates (CFRP) as a seismic strengthening element
for masonry structures. He demonstrated the effectiveness of this technique through
full-scale, both in-plane and out-of-plane, cyclic testing of one-story masonry walls.
He developed an analytical model for the in-plane behavior of walls strengthened
with CFRP.

Luciano, in his study, investigated the effectiveness of the CFRP reinforcement
by performing experimental tests on full-scale unreinforced and reinforced masonry
arch made of blocks in dry contact and reinforced by FRP materials arches. All
previous studies showed that strengthening arched masonry structures with fiber
reinforcement polymers changes the structural behavior and significantly increases
the load-bearing capacity. The line of thrust of these compression members moves
outside the structure, and additional failure mechanisms would occur. Basilio inves-
tigated the effect of the strengthening of masonry with two types of FRP material;
glass and carbonfibers.He investigated different locations of strengthening, and good
agreement between experimental and theoretical results was obtained. This study is
concerned with investigating the response of un-strengthened experimentally and
strengthened masonry arches submitted to a single point load at the quarter of the
span, with the emphasis on the characterization of the failure modes.

2 Materials and Framework

Masonry is an assemblage of two different materials, brick units and mortar. In
this work, Resized Iraqi brick tiles of (240 mm × 120 mm × 60 mm) size and
ordinary gypsum as mortar were used. Each arch model was built using (15) brick
units with mortar joints that have an average of (10 mm) thickness. The arch model
has an interior span of (873 mm) and a rise of (323 mm). The dimensions and
shape of the arch are illustrated in Fig. 1. The woven SikaWrap-230 °C was used
in this experimental study as a reinforcing system. It is composed of carbon fibers
impregnated on-site with an epoxy resin of type SikaDur 330. The woven form was
chosen because it can be easily set to the curvilinear surface of the masonry arch.
On the lateral surfaces, the woven has a thin texture that safeguards the stability of
the fiber during the application process, made of thermoplastic material.
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Fig. 1 Scheme for shape and dimensions of the arch model

Suitable steel frameworks were designed and fabricated to hold the masonry arch
model during construction and work as foundation supports or buttresses during
testing. The steel framework consists of three main parts. Two supports have the
shape of wide-flange, which made of steel plate of 10 mm thickness, with folded
inclined cover having the same thickness were considered to provide the angle of
slope for both ends of the masonry arch model. Each web contains two slots with
two screws to move up and down in it, in order to allow the inside lateral supports
to move up and down whenever it is needed. Figure 2 shows a scheme of the frame
shape and dimensions.

Fig. 2 Scheme of the framework (all dimensions are in mm)
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3 Arch Models Construction

The steel frames were cleaned and prepared a day before construction. The curved
supporting parts were mapped precisely with the position of each brick unit and
mortar joint. Then the curved supporting part was covered with a sheet film of nylon
to prevent sticking of the arch being built with the steel frame, Fig. 3. Two arches
were built at each time, Fig. 4. One of them was regarded as a controlled arch, while
the other was strengthened with a Woven SikaWrap-230CCFRP sheet of (100 mm
width) at the extrados using epoxy resin type SikaDur 330 after curing time passed.
During the week of primary curing time, the arches were kept in the dry medium at
room temperature.

ArchesTesting. The supported endswere tiedupbefore testing to preventmovements
at the ends of the arch. Both arches were tested on the same date.

Un-strengthened Arch Testing. The arch was positioned on the carriage of the
universal machine so that the load will be applied at the quarter span of the arch.

Fig. 3 Preparing the supporting frames

Fig. 4 View of two models
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Fig. 5 Scheme of the arch and the dial-gauges positions

To measure the vertical displacements at the critical positions, three-dial gauges
were positioned in three locations. One of them was positioned beneath the loaded
section to measure the vertical displacement under the load location, the second was
positioned under the crown of the arch, and the last was positioned on the extrados at
the same distance of force application on the opposite side to determine the upward
displacement. The scheme of the arch standing on its steel supports and the dial
gauges positions are illustrated in Fig. 5.

4 Test Results

The most significant events observed were the formation of the hinge. The first crack
appeared between brick No. (5), and the next mortar joint lay under the load location
at the intrados to form the first hinge. Gradually the second hinge was formed when
the next crack occurred between a brick unit of number (11) and the mortar joint at
the extrados on the opposite side of hinge no-1. The third crack occurred between
the first brick unit and the mortar joint at the far end from the load location, which
was succeeded by the fourth one, which occurred at the other springs between the
brick unit and the mortar joints at the nearby end. Forming of hinges was captured by
means of photographs. The ultimate load was recorded, and the significant steps are
illustrated in Figs. 6, 7, 8, 9, 10 and 11. The load–displacement curve measured at
the point underneath the load location is presented in Fig. 12. The load–displacement
curve measured at the crown of the arch is presented in Fig. 13.

Strengthened Arch Testing. The same procedure presented un-strengthened arch
was followed in testing the strengthened arch. The most significant observed event
was that there were no hinges or detaching between brick units and mortar joints at
low specified load values. The brick units reached cracking and crushing stages as the
loading continued to almost twice the failure load value recorded for un-strengthened
arch testing. In the beginning, the recorded displacements were relatively small,
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Fig. 6 The arch model and the dial-gauges positions

Fig. 7 First crack occurred
at the nearest joint to the
load location

Fig. 8 The second crack
occurred on the opposite side
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Fig. 9 Crack 3 occurred at the far end

Fig. 10 Crack 4 occurred at the nearest end

Fig. 11 Cracks No. 1, No. 2, No. 3, and No. 4
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Fig. 12 Un-strengthened arch-1, load–displacement curve for vertical displacement at the point
underneath the load location

Fig. 13 Un-strengthened arch-1, load-vertical displacement curve at the crown

considering the displacements recorded in the previous test for the un-strengthened
arch, especially the upward deflected side. As the load was increasing, the brick
units started cracking. The cracking and crushing started in the loading zone, then
the cracking spread to the other parts of the arch until it failed with the almost totally
crushed model. The ultimate load had been recorded as well as the displacements
corresponding to each step of loading. The procedure steps are illustrated in Figs. 14,
15, 16, 17, 18, 19, 20, 21 and 22. The load–displacement curve measured at a point
underneath the load location is presented in Fig. 21. The load–displacement curve
measured at the crown of the arch is presented in Fig. 22.
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Fig. 14 The strengthened model

Fig. 15 Cracking at far end

Fig. 16 Cracking of bricks and mortar, and starting of detaching

Collapse Mechanisms. The behavior of a partial-circular-shaped un-strengthened
masonry arch subjected to a concentrate loaded point applied at quarter span is
essentially characterized by the formation of the hinges failure mechanism. Photos
captured during the test show the localization and the sequence of hinges indicated
by an associated number. All hinges detected and reported here were based on visual
inspection, and some of them were difficult to detect at the very beginning. Hinges’
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Fig. 17 Cracking and
crushing at crown

Fig. 18 Cracking at the
nearby end

Fig. 19 Cracking and
crushing in other parts

positions were the same in both tests, as well as their sequence of formation. For
strengthened arches, where the reinforcing CFRP composite strip was continuously
applied at extrados, a different collapse mechanism was expected since the presence
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Fig. 20 Strengthened arch, material spelling

Fig. 21 Strengthened arch-2, load-vertical displacement curve at the point underneath the load
location

of the strengthening material would prevent the hinges from occurring. Further-
more, the imparity was clear in terms of the stiffness increasing, deflected shapes,
maximum load increasing, displacements at load location and other positions for
different loading stages, and changing the failure pattern. Both strengthened arches
showed the same structural behavior.

5 Summary and Conclusions

A summary of the tested arches results is presented in Table 1, including arch
identification, ultimate load, and maximum recorded displacements at sensitive
locations.
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Fig. 22 Strengthened arch-2 load-vertical displacement curve at the crown

Table 1 Summary of tested masonry arches results

Model No Failure mode Ultimate
load (kN)

Max. vertical
displacement
underneath
load (mm)

Max. vertical
displacement
at key (mm)

Max. vertical
up-ward
displacement
(mm)

Un-strengthened
arch-1

Four hinges
formations

14 8.89 1.49 13

Strengthened
arch-2

Crushing of
brick units
and mortar

28 14 2.93 2.13

A significant increase of load-carrying capacity was evident for the strength-
ened arches when compared with un-strengthened arches; the value exceeded the
double. The corresponding displacements were evidently affected. Themost affected
displacements were the displacements corresponding with the upward zone. The
upward displacement decreased about five times in the strengthened arches when
comparedwith the displacements of the same locations in the un-strengthened arches.
This is because the CFRP composite strip is continuously applied at extrados, prevent
the hinges from occurring, and changing the failure pattern.

One of themost important results gained was the load–displacement curves which
were clearly affected by CFRP applying in values and shapes. The Load–displace-
ment curves for position underneath line load were flattered for un-strengthened
arches than the strengthened ones, more smooth for strengthened ones. The load–
displacement curves of the arch key (crown) were totally different between un-
strengthened and strengthened arches in shape as well as in values. Maximum
displacements at key increased by (95%) for strengthened arches. These venial
increments were due to a change in the whole deflected shape of the arches. The
strengthened arches tend to behave as more ductile compared to un-strengthened
arches.
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Mechanical Properties of Normal
Strength Concrete Covered with Gypsum
Layers and Exposed to High
Temperatures (Fire Flame)

Raid S. Warwar and Abdulmuttalib I. Said

Abstract The paper presents results of exposure of normal concrete to high temper-
atures (400 and 700) °C covered by layers (gypsum and Plaster) with different thick-
nesses (10 and 20)mm.Where the casted specimens for each type of test were divided
into three groups, the first was without covering the concrete surface with gypsum,
while the second and third groups were covered with gypsum of the outer surface
with a thickness of 10 and 20 mm respectively. From the experimental results, it
was found that the compressive strength of concrete was improved by using Gypsum
layers at 400 °C, the percentage of lost compressive strength was (4 and 6)% at (10
and 20) mm respectively as compared to the reference specimens. As for the temper-
ature of 700, the reduction in compressive strength was about half. The values of
modulus of rupture during firing at 400 °C, the deterioration of the concrete not
covered with gypsum. The reduction rate was 46% compared to the prism covered
with gypsum, where the reduction percentage was (30 and 23)% at (10 and 20) mm
respectively. But at high temperatures of 700, the reduction percentage was 70% for
non-gypsum-covered concrete and (64 and 46)% at (10 and 20) mm, respectively.
Modulus of elasticity was lost about (16 and 11)% at (10 and 20) mm respectively
compared to the cylinders not covered with gypsum was the loss rate is about 24%,
As for the temperature of 700, the reduction in modulus of elasticity was about (63
and 52 and 43) % at (0, 10, and 20) mm. The results showed that the splitting tensile
strength after burning at 400 and 700 °C for one hour and gradually cooled decreased.
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1 Introduction

When designing concrete structures, thermal insulation and fire resistance are taken
into account during the design. Therefore, Gypsum is considered one of the construc-
tion materials used in fire resistance because it contains the percentage of water in
it, which works to reduce the effects of fire in the structure, which contributes as a
heat-resistant barrier. When the gypsum is exposed to fire, the water slowly dilutes
as vapor, which dampens the heat production. The Gypsum is affected by several
factors, the most important of which are: extreme weather conditions, poor or no
ventilation, thermal shake, unusual framing or body loading, etc. Precautions shall
be taken to prevent these and other adverse provisions. Umran [1] studied the effect
of heat on the mechanical properties of concrete. Use three temperature levels (400,
500, and 700) °C with four burning periods (0.5, 1, 1.5, and 2) h without any loads
when burning. The samples were burned and cooled under the same conditions and
tested after exposure to fire at the age of (30, 60, and 90) days. It was found that the
residual compressive strength ranges between (70–80)% at 400 °C, (59–78)% at 500
°C, and (43–62)% at 700 °C.

The modulus of rupture was found to be lower in compressive strength, as they
ranged between (67–78) at 400 °C, (40–67) at 500 °C, and (40–45) at 700 °C. Elizzi
[20] studied the influence of different temperatures on the compression strength and
density of concrete. A 100mm cubes were heated for about one hour and temperature
ranging from20 to 600 °Cand the ages of concrete at heatingwere 14, 28, and 90days.
The test outcomes indicated that the compression strength decreased 10% from the
original strength up to 400 °C, and at 600 °C the strength reduction was 50% from
the original. Elizzi [20] noticed that there was a large strength reduction when the
specimens heated to a temperature above 400 °C. Also, Elizzi mentioned that the
small reduction in density up to 300 °C was a result of the loss of the free water from
concrete specimens. At temperature above 300 °C, a large reduction in density took
place because of the reduction of water in concrete.

In order to understand and predict the behavior of plaster and gypsum during a
fire, it is necessary to know the properties of thematerials that determine the behavior
of the member at different temperatures. Plaster and gypsum were used to coat the
outer surface of the concrete to slow down the heat directly to the surface of the
concrete during firing. Compression strength, splitting tensile strength, the elastic
modulus, and the modulus of rupture was tested to denote the true values after firing
and examination and to be able to predict the fire resistance of the structural member.

2 Material Properties

Mix Proportions. The ordinary Portland cement was used in the concrete mix of
a proposition by weight of (1:1.5:3) for normal strength concrete (cement: sand:
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Table 1 Mix proportions of normal strength concrete

Cement (C)
(kg/m3)

Sand (S)
(kg/m3)

Gravel (G)
(kg/m3)

Water (W)
(kg/m3)

Water/cement
ratio W/C

Mix proportion
by weight

400 600 1200 180 0.45 1:1.5:3

gravel). Table 1 gives details about mix proportions in this study, depending on the
trail mixes and previous research [3–5].

Cement. Ordinary Portland cement (Type I) is used in this work. Tables 2 and 3
show the cement’s chemical composition and physical properties throughout the
experimental study for normal strength concrete (NSC). Many tests indicate that; the
used cement conforms to the Iraqi Specification No. 5/1984 [6].

Table 2 Chemical composition of the cementa

Mineral or property Abbreviation Content by weight (%) Limit of Iraqi specification
No. 5/1984 [6]

Lime CaO 63.11 –

Silica SiO2 20.66 –

Alumina Al2O3 5.13 –

Iron oxide Fe2O3 3.36 –

Magnesia MgO 2.32 5.0 (max)

Sulfate SO3 2.05 2.8 (max)

Loss on ignition L.O.I 2.39 4.0 (max)

Insoluble I.R 0.68 1.5 (max)

Lime saturation Factor L.S.F 0.93 (0.66–1.02) %

aChemical analysis is conducted by National Center for Construction Laboratories and Researches

Table 3 Physical properties of cement used in this studya

Physical properties Test results Limits of Iraqi specification No. 5/1984
[6]

Specific surface area (Blaine method),
(m2 /kg)

330 230 (min)

Setting time (Vicat’s apparatus)
Initial setting time, (h: min.)
Final setting time, (h: min.)

1: 50
3: 40

0:45 (min)
10:00 (max)

Compressive strength, (MPa)
3 days
7 days

27.2
37.4

15 (min)
23 (min)

Soundness (Autoclave method), (%) 0.22 0.8 (max)

aPhysical analysis is conducted by National Center for Construction Laboratories and Researches
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Table 4 Grading of fine aggregatea

Sieve size (mm) Natural sand (for NSC)a

Cumulative passing (%) Limits of Iraqi specification No. 45/1984 [7] for
Zone 3

10 100 100

4.75 100 90–100

2.36 98 75–100

1.18 88 55–90

0.600 67 35–59

0.300 42 8–30

0.150 27 0–10

aAll tests were made in the National Center for Construction Laboratories and Research (NCCLR),
Baghdad, Iraq

Table 5 Grading of coarse aggregatea

Sieve size (mm) Cumulative passing (%) Limit of Iraq specification No. 45/1984 [7] for size
14

14 100 100

10 80 85–100

5 3 0–25

2.36 – 0–5

aAll tests were made in the National Center for Construction Laboratories and Research (NCCLR),
Baghdad, Iraq

Fine Aggregate. Natural sand is selected and used for the NSC mix. Table 4 shows
details about grading. Results indicate is within the requirement of the Iraqi Standard
Specification No. 45/1984 [7].

Coarse Aggregate. Crushed river gravel with a maximum particle size of 14 mm
is prepared and used as coarse aggregate for NSC mix. The grading of the used
coarse aggregate is shown in Table 5. The coarse aggregate grading excepts the Iraqi
Standard Specification No. 45/21984 [7].

3 Concrete Mixer

The concrete is mixed by using a central fender for model molding.

Mixing Procedure. All quantities are weighed and packed in a clean container, and
the molds are oiled one day before casting. Control specimens were prepared for
obtaining the mechanical properties of the hardened concrete. Control specimens
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involve 27 cubes, 27 cylinders (150 × 300) mm for splitting tensile strength, 27
cylinders (150 × 300) mm for modulus of elasticity, and 27 prisms (100 × 100 ×
400) mm for modulus of rupture.

Gypsum and Plaster Procedure. Local Iraqi gypsum (Juss) was used in this study.
The consistency and the setting time were measured following the IQS NO. 27 [8]
and IQS NO.28 [9] standard. In this study, gypsum was used to make finishes of
cubes, cylinders, and prisms, simulating the practical reality with thicknesses of (10
and 20) mm, as well as the use of Plaster material for the same purpose above. In
addition, Gypsum and Plaster finishes were applied to the mechanical properties of
concrete. Below are the stages of using gypsum and plaster in Fig. 1.

Exposing to Fire Flam Test. The furnace was manufactured by using a 3 mm
thick steel plate just like a rectangular shape to burn one specimen each time, as
shown in Fig. 2. The clear inner space was 1500 mm height by 2500 mm width and
3000mm length. Two of each groupwere subjected to burning, one of them at 400 °C
temperature and the second at 700 °C. This talk applies to burning cubes, cylinders,
and prisms according to the gypsum’s thickness, the plaster, and the temperature. The
firing stage was carried out in steps that are placing in the oven the specimens that

Fig. 1 The specimens covering with gypsum and plaster

Fig. 2 Furnace of burning test stage
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Fig. 3 Thermometer and thermocouple

are burned at 400 °C temperature with the cubes, cylinders, and prisms were placed
and then subjected to burning for an hour with the oven covered to ensure that the
firing uniformity was distributed evenly over the whole specimen where it was not
exposed. The samples are transferred directly to the flame after that, a temperature
is measured every 10 min to achieve specification ASTM-E-119 [19]. Note that the
temperature was measured with a thermometer and a thermocouple.

4 Temperature Measurements

At the first test stage (burning stag), a thermometer K-type was available with dual
inputs was used to measured temperature with respect to time. It also offers a wide
range of K-type probes and data logging features across the range. A K-type device
appropriate with different kinds of the thermocouple. A thermocouple is a tempera-
ture measuring instrument made up of non-identical metals. The metals are welded
on the tip to form what is known as the thermocouple junction. The most common
thermocouple junction is typeK, providing thewidest operating temperature range of
1400 °C.There is a selection of other probe kinds appropriate for various applications.
The thermometer with the thermocouple is shown in Fig. 3.

5 Mechanical Properties Test

Compressive Strength Test. Standard (150 × 150) mm cube is used according to
(ASTM C39-01) [10] for using a compression machine of 3000 kN capacity, as
shown in Fig. 4. cube compressive strength test is performed in accordance with
ASTMC39, respectively. An average of three specimens is used to determine the
compressive strength.
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Fig. 4 Compressive strength test

Fig. 5 Splitting tensile strength test

Splitting Tensile Strength Test. The splitting tensile strength test was performed
according to ASTMC496-04 [11] on a (150× 300)mm cylinder and using a 3000 kN
capacity testingmachine, as shown in Fig. 5. The following expression had calculated
the splitting tensile strength values:

fsp = 2P

πdL
(1)

where: fsp = splitting tensile strength (MPa), P = maximum applied load (N), d =
diameter of the cylinder (mm), L= length of the cylinder (mm). The average of three
specimens is used to determine the splitting tensile strength.

Static Modulus of Elasticity Test. According to ASTM C469-02 [12], the modulus
of elasticity test is performed on (150 × 300) mm cylinder loaded uniaxial using
a universal testing machine MFL of 3000 kN capacity with the strain-measuring
equipment attached to the cylinder. The modulus of elasticity for each specimen is
calculated, as follows:

Ec = (S2 − S1)/(ε2 − 0.00005) (2)
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Fig. 6 Modulus of rupture test

where: Ec = chord modulus of elasticity (MPa), S2 = stress corresponding to 40% of
the ultimate load (MPa), S1 = stress corresponding to a longitudinal strain, (0.00005)
(MPa), ε2 = longitudinal strain produced by stress S2. To determine the modulus of
elasticity for the mix, an average of three specimens is used.

6 Modulus of Rupture Test

The flexural strength (modulus of rupture) test was performed according to ASTMC
78-02 [13] on prismatic specimens of (100× 100× 400) mmwith two-point loading
by using a hydraulic testing machine (ELE) of 50 kN capacity, as shown in Fig. 6.
The modulus of rupture is calculated as follows:

fr = PL

bh2
(3)

where: fr =modulus of rupture (MPa), P=maximum applied load (N), b=width of
prism (mm), h = depth of prism (mm), L = span length of prism (mm). An average
of three specimens is used to determine the flexural strength of the NSC mixer.

7 Compressive Strength Results

Saad et al. [14], Koksal et al. [15], and Hager [16] revealed that the behavior of
concrete that had been subjected to high temperature was affected by many factors.
These include the following: time of exposure, rise rate of temperature, themaximum
temperature will reach its concrete mass, the initial concrete temperature before the
exposure to the high temperature (Fire Flame), the amount of water saturation of the
concrete, thematurity of concrete, aggregate and cement type used, aggregate/cement
ratio, and loading status at of exposure time. In general, for mature concrete, an
increase in exposed temperature (Fire Flame) leads to a gradual loss in concrete
mechanical strength. The control specimens (cubes of 150 mm) for compressive
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strength testing were left 24 h after casting and then stored in a water tank for a
few days. After 28 days, these specimens were covering by Gypsum with different
thicknesses (10 and 20) mm with reference specimens. After that, the specimens
were exposed to the same burning circumstances of the duration and the elevated
temperature as that of the reinforced concrete members.When the target temperature
was reached, the maximum temperature was kept for one hour (ASTM-E-119); after
that, the specimens were gradually cooled to the ambient temperature. The residual
compressive strength results after exposure to 400 and 700 °C temperatures are given
in Table 6 and Fig. 7.

The results showed a simple differencewhen the concretewas exposed at a temper-
ature of 400 after covering the concrete cubes using layers of gypsum of different
thicknesses. A 10 and 20 mm thickness, the compressive strength loss was about
6% and 4%, respectively, compared to the cubes not covered with gypsum. The loss
rate is about 22%, and this is clear evidence of the benefit of gypsum in reducing
the temperature directly to concrete. As for the temperature of 700, the reduction in
compressive strength was about half due to the gypsum’s inability to withstand high
temperatures, as it spalling after the high temperatures.

8 Modulus of Rupture (ƒr)

The residual fr results after exposure to 400 and 700 °C temperatures are given in
Table 7 and Fig. 8. The results showed that the values of fr decrease as the temper-
ature increased, during firing with a temperature of 400 °C, the deterioration of the
concrete not covered with Gypsum, where the reduction rate was 46% compared to
the prism covered with Gypsum while the reduction percentage was 30% and 23%
with thicknesses of 10 mm and 20 mm respectively. But at high temperatures of
700 showed a rapid deterioration of concrete. The reduction percentage was 70%
for non-gypsum-covered concrete and (64 and 46%) for concrete covered with a
thickness of 10 and 20 mm with gypsum respectively.

9 Modulus of Elasticity (Ec)

Test results are summarized in Table 8. This table reveals the residual ratio of Ec for
each gypsum thickness compared to its unburned specimen; it can be observed that
increasing temperature led to a decrease in the ratio of residual value of Ec. Figure 9
illustrates the relationship between the residual elastic modulus and the fire flame
temperatures. The residual modulus of elasticity results after exposure to 400 and
700 °C temperatures; we noticed the clear difference in the results when the concrete
was exposed at a temperature of 400 after covering the concrete cylinders using layers
of gypsum of different thicknesses. At thickness 10 and 20mm, the Ec loss was about
16% and 11%, respectively, compared to the cylinders not covered with gypsum. The
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Fig. 7 Burning temperature versus compressive strength with different gypsum thickness

Table 7 Effect of fire flame on modulus of raptureb

Gypsum thickness (mm) fr (MPa) Residual strength %

ta = 0 t = 10 t =
20

t = 0 t = 10 t = 20

Temperature (°C) Ambient 3.06 3.015 3.075 100 100 100

400 1.65 2.1 2.22 53.9 69.6 72.1

700 0.9 1.11 1.71 29.4 36.8 55.6

aGypsum thickness, bAverage of three cylinders of dimension (150 × 300) mm

loss rate is about 24%, and this is clear evidence of the benefit of gypsum in reducing
the temperature directly to concrete. As for the temperature of 700, the reduction in
Ec was about 63, 52, and 43% at 0, 10, 20 mm gypsum thickness due to the gypsum’s
inability to withstand high temperatures. The low modulus of concrete elasticity can
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Fig. 8 Burning temperature versus flexural strength with different gypsum thickness

be referred to as the increase in the quantity of microcracks formation caused by
exposure to fire, and the physical–chemical changes in concrete components during
burning will result in loss of yield strength. The reduction calculations for modulus
of elasticity depending on the equations proposed by Aslani [17]. The proposed
reduction values are illustrated in Table 8 with that of the experimental work. It is
clear that there is good agreement between them.

10 Splitting Tensile Strength ( fsp.)

The outcomes for splitting tensile strength are given in Table 9. The results showed
that the splitting tensile strength after burning at 400 and 700 °C for one hour and
gradually cooled decreased and the residual tensile strength was approximate. The
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Fig. 9 Burning temperature versus modulus of elasticity with different gypsum thickness

Table 9 Effect of fire flame on splitting testb

Gypsum thickness (mm) fsp (MPa) Residual strength (%)

ta = 0 t = 10 t =
20

t = 0 t = 10 t = 20

Temperature (°C) Ambient 3.99 4.02 4.2 100 100 100

400 3.1 3.87 3.93 77.6 96.3 93.5

700 1.3 2.05 2.7 32.5 50.9 64.2

aGypsum thickness, bAverage of three cylinders of dimension (150 × 300) mm

results indicate that concrete’s tensile strengthwasmore sensitive to high temperature
than compressive strength [18].

11 Conclusion

Through experimental results and comparison with researchers, it notes the
following:
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• Increasing the thickness of the concrete surface with gypsum helps reduce the
direct heat transfer to the concrete and thus reduces the loss of compressive
strength. Through 400 °C, the percentage of lost resistance was 6%, and 4%
at 10, 20 mm respectively as compared to the reference specimens. As for the
temperature of 700, the reduction in compressive strength was about half due to
the gypsum’s inability to withstand high temperatures, as it spalling after the high
temperatures.

• The flexural strength decreases as the temperature increased. At a temperature of
400 °C, the percentage of lost resistance was 30%, and 23% at 10, 20 mm respec-
tively as compared to the reference specimens was 46%. At high temperatures of
700, they notice a rapid deterioration of concrete. The reduction percentage was
70% for non-gypsum covered concrete and (64 and 46%) for concrete covered
with a thickness of 10 and 20 mm with gypsum respectively

• Modulus of Elasticity decrease as the temperature increased, through 400 °C, the
percentage of lost resistance was 16%, and 11% at 10, 20 mm respectively as
compared to the reference specimens was 24% at high temperatures of 700, The
reduction percentage was 63% for non-gypsum covered concrete and 52% and
43% for concrete coveredwith a thickness of 10, 20mmwith gypsum respectively

• The splitting tensile strength after burning at 400 and 700 °C for one hour and
gradually cooled decreased and the residual tensile strength was approximately
40%.
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Performance of Self-compacting
Geopolymer Concrete with and Without
Portland Cement at Ambient
Temperature
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Mohamed Moafak Arbili, and Talib K. Ibrahim

Abstract The self-compacting geopolymer concrete (SCGC) characteristics with
binary and ternary binder materials were studied via experimental data research.
Binary and ternary use of fly ash (FA) and ground granulated blast furnace slag
(GGBFS)with andwithout Portland cement (PC) have been studied in the production
of SCGC. Therefore, a total of seven SCGCmixes were proportioned, having binder
amount of 500 kg/m3 and a constant ratio (0.5) of alkali–binder. The reference mix
included 50% GGBFS and 50% FA as the binder, whereas the other mixtures having
binary and ternary mixtures of Portland cement (PC), fly ash (FA). The fresh and
hardened characteristics were conducted. The results demonstrated that the utiliza-
tion of GGBFS affected the fresh properties of SCGC negatively. However, it has a
superior influence on the compressive strength of SCGC. Also, the incorporation of
PC up to 20% affected the fresh characteristic adversely; however, the use of PC up
to 20% has a positive impact on the compressive strength of the SCGC specimens.
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1 Introduction

Geopolymer concrete is an eco-friendly material that performs well in hardened
condition. Furthermore, it uses less energy in the manufacturing state and emits
less carbon dioxide [1]. Geopolymers are an inorganic substance that has become a
promising solution for OPC [2]. FA-based geopolymer concrete, in particular, can
be applied as an alternative to cement and reduce the hazardous and toxic materials
significantly. In the concrete industry, FA-based geopolymer concrete’s performance
efficiency is themain concern [3]. In addition, to fly ash, rawmaterials for geopolymer
processing included phosphate sludge [4], waste glass powder [2], and red mud [5].
Waste materials such as silica fume and GGBFS have been used to alternate FA-
based GPC in the literature [2]. According to the reports, the most commonly used
geopolymer concrete is FA-based, and slag can be used as a partial substitute for
GPC to replace OPC. Therefore, many types of research on geopolymer concrete are
required. Self-compacting concrete (SCC) is commonly utilized in civil engineering
structures, especially in structures requiring congested reinforcement and precast
industries and high-rise buildings [6]. SCC’s main characteristics are flowability,
passing ability, and filling without segregation or bleeding. SCGC is a new develop-
ment in the concrete industry. It’s a kind of innovative concrete that incorporates the
advantages of both SCC and geopolymer [7–9].

There have been very few studies on SCGC. As with traditional SCC, more study
is essential to determine the behavior of SCGC for potential use. Mineral fillers
are utilized in concrete (OPC, SCC, GC, and SCGC) to minimize costs, increase
workability, and improve the hardened state’s properties [10–13]. Because of the
increased mechanical efficiency and benefits to the climate and economy, fly ash and
GGBFS have been widely used as cementitious materials in the literature [14–16].
GGBFS and fly ash exhibits positive contributions to the mechanical characteristic
of concrete, economy, and eco-friendly environment materials [17–20]. The ratio
of silica/aluminum has a major effect on the strength and mechanical efficiency
of GPC, and this ratio is primarily determined by the concentration of the alkali
solution, curing temperature and time, and the chemical composition of the binder
content [21, 22]. According to the researcher, not all of the silica and aluminum
ions in the geopolymer binder are reactive. They also observed that using separate
fly ashes, the mixture had a comparable percentage of silica reactive but a different
percentage of aluminum reactive in the material [21, 22]. The use of GGBFS and
FA in SCC has also been studied previously, and it has begun to be used more
frequently as SCC efficiency has improved. The literature on the performance of
GGBFS/FA-based SCGC is, however, limited. Owing to a lack of experience in
geopolymer concrete substance characterization, geopolymer concretes are not found
in structural construction standards or implementations. More research is required
to enhance our understanding of the SCGC’s fresh and mechanical properties. As a
result, this research aims to see how binary and ternary blends of GGBFS and FA
with a PC ratio affect the development of SCGC.



Performance of Self-compacting Geopolymer Concrete … 659

2 Methodology

Materials. To investigate the effects of GGBFS and PC together on the behavior of
SCGC, seven types of SCGC mixes were manufactured, each with a different ratio
of GGBFS (50%, 60%, 70%, 80%, and 100%) with and without PC (10%, and 20%).
FA, Type F-based ASTMC618was used as binder materials [23]. Themixtures were
made with a PC CEM I 42.5R cement, which corresponded to ASTM C311 [24]. A
total of seven different SCGC mixtures with a binder amount of 500 kg/m3 and a
constant ratio of alkali/binder (0.5) were proportioned. The binder in the control
mixture was 50% FA-50% GGBFS, whereas the other mixtures were a mix of
GGBFS, FA, and PC. The influences of GGBFS and/or PC on SCGC properties
were explored based on the test results. The PC, FA, and GGBFS were obtained
from a local supplier in Erbil, Iraq. The properties of FA, GGBFS, and PC are shown
in Table 1. The fine aggregate was local crushed sand brought from Harir area near
Erbil City-Iraq. It had a maximum size of 4.0 mm. The crushed coarse aggregate
was brought from the same area [25]. Table 2 illustrates the properties of aggregates
according to the ASTMC33 [25]. The alkali activator is a mixture of sodium silicate
(Na2SiO3) and sodium hydroxide (NaOH) solutions. The Na2SiO3 was gotten from
a local supplier in Erbil, Iraq [26]. The NaOH had 97–98% purity and used at a
12 molar concentration, which was found to be the best concentration for SCGC
mechanical efficiency [27]. A polycarboxylate was used as a superplasticizer to
attain high-flowability without bleeding and/or segregation [26]. Figure 1 shows the
materials used in the production of SCGC mixes.

Mix Design. A constant binder amount of 500 kg/m3 was used to create different
series of SCGC mixtures. By weight, the mixtures binder 50% GGBFS and 50%

Table 1 The properties of FA, GGBFS and PC

Component CaO SiO2 Al2O3 Fe2O3 MgO SO3 K2O Na2O LOI SG BF
(m2/kg)

PC (%) 65.58 20.825 5.31 4.04 2.82 2.73 0.92 0.22 3.02 3.15 326

FA (%) 1.59 62.34 21.13 7.16 2.39 0.11 3.38 0.37 1.57 2.29 378

GGBFS
(%)

34.13 36.42 11.38 1.68 10.29 0.48 3.64 0.36 1.63 2.78 419

LOI: Loss on ignition; SG: Specific gravity (kg/m3); BF: Blaine fineness (m2/kg)

Table 2 The sieve analysis and physical properties of aggregates

Sieve size
(mm)

16 8 4 2 1 0.5 0.25 Fineness
modules

SG Absorption

Fine
aggregate

100 100 100 67.3 39.9 28.4 16.4 2.57 2.45 1.5

Coarse
aggregate

100 31.5 1 0.5 0.5 0.5 0.4 5.66 2.72 2.4
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Fig. 1 Materials used in the production of SCGC specimens

FA with different ratios (50%, 60%, 70%, 80%, and 100%) of GGBFS. The Port-
land cement was added at 10% and 20% by weight of the binder, respectively. The
ingredients (weight per 1 m3 concrete) for the mix are shown in Table 3. SCGC
specimens’ fresh and mechanical efficiency are influenced by the aggregate, binder,
and alkaline amounts and maximum grain size (Dmax). For economic purposes, the
Na2SiO3/NaOH ratio is reduced from 1.5 to 2.5 [28], which was used in this study as
2.5. Aggregates, FA, and GGBFS with/without PC were blended for 2.5 min during
the mixing process. In one minute, the alkali activator was added, and then a super-
plasticizer was mixed with extra water and added for two minutes. For adequate
homogeneity and uniformity, the mix was mixed for additional three minutes.

Fresh SCGC Tests. All fresh properties tests are carried out following the
EFNARC committee’s European specification for SCC development [29]. A respon-
sive test used to characterize the mixture’s flow-ability in free flow situations is the
slump flow value. EFNARC classifies the standard slump flow into three categories,
each of which defines the purposes for which SCC is used. Figure 2 shows the slump
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Fig. 2 Slump flow diameter of SCGC

test for SCGC mix. On the other hand, these experiments cannot determine direct
viscosity; this test determines the flow rate in terms of viscosity. Moreover, the V-
funnel flow test was evaluated through the time calculated via the V-shaped funnel,
which is the elapsed time almost mixed-flow through the V-funnel opening. The
L-box and J-Ring measure the fresh concrete’s capability to flow through narrow
gaps and confined spaces, such as congested reinforcement areas, without losing
homogeneity or consistency.

Curing Method for the SCGC Specimens. The specimens were covered for
24 h after the concrete was cast to prevent the alkaline solution from evaporating.
The specimens were then stored at 22 °C in the lab until the test day. Three identical
specimens were used for each experiment, and the mean value was taken.

Hardened SCGC tests. The hardened experiments were conducted to investigate
the combined effects of GGBFS, FA, and PC on SCGC specimens’ behavior. The EN
12390-3 standardwas used to conduct compression intensity tests on cubic specimens
(100 × 100 × 100 mm) [30].

3 Experimental Results

The behavior of Fresh SCGC. The SCGCmixes passed the EFNARC specifications
in terms of flow capacity and passing ability [29]. SCGC mixes had flow diameters
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that exceeded the required flow diameter of 550 mm. In the SCGC mixes, there was
no evidence of separation. One of the research goals is to see how GGBFS and FA
with and without PC affect the efficiency of SCGC in the fresh state. The effects
of these variables on the flow-ability and passing-ability properties of SCGC were
investigated in-depth for this reason.

Effect of GGBFS on the fresh performance of SCGC. The influence of GGBFS
on the fresh state ofSCGC is shown inTable 4.The combinationof 50percentGGBFS
and 50 percent FA had the largest slump flow diameter (715 mm). The slump flow
diameter was reduced from 715 mm (50% GGBFS) to 655 mm after GGBFS was
added (100%GGBFS).According to theEFNARCspecification, all of the slumpflow
values were in the SF2 interval, which is appropriate for a wide range of reinforced
members (slab, beam, and column) [29]. Itwas also indicated that theGGBFScontent
increased both bleeding and segregation resistance, and higher GGBFS mixes were
found to be more cohesive than lower GGBFS mixes. The composition and fineness
of the binder compounds, the structure and concentration of alkaline activators, and
the ambient temperature are all factors that have a major effect on the SCGC setting
time [31, 32]. The GGBFS particles are smaller than the FA particles. GGBFS has a
specific surface area of 419 m2/kg, according to research. Its higher specific surface
area influences SCGC’s rheological activity and flow-ability. Because of its higher
specific surface area,GGBFSadsorbed a considerable amount ofwater on the surface,
resulting in lower flow-ability of SCGC due to the reduced amount of water required
for lubrication [8, 33, 34].

Similar to slump flow outcomes, the better T50 time and V-funnel flow time were
detected through the use of 50%-FA-50%GGBFS based SCGC and increased with
the addition of GGBFS. However, all V-funnel and T50 results in the current research
were stated to be acceptable according to EFNARC specification [29]. The results
of T50 duration deduce that the amount of GGBFS ratios adversely influenced the
flow-ability of SCGC; the mixtures including 100%GGBFS exhibits maximum T50

duration. GGBFS decreases the slump flow value and L-Box ratio of the blend while
increasing plastic viscosity.Mixes containing a higher proportion of GGBFS became
more cohesive and viscous, and the flow-ability and fluidity of SCGC mixtures
declined as the ratio of GGBFS increased. Since FA has a lower specific surface

Table 4 The test result of fresh properties of SCGC

Mixture GGBFS FA PC Slump flow
(mm)

V-funnel (s) T50 (s) L-box (%)

S50FA50 50 50 0 715 10.5 2.25 1

S60FA40 60 40 0 695 12.35 2.53 0.98

S70FA30 70 30 0 680 17.81 3.23 0.95

S80FA20 80 20 0 670 15.29 3.57 0.91

S100FA0 100 0 0 655 21.50 4.37 0.85

S45FA45PC10 45 45 10 670 19.35 3.21 0.87

S40FA40PC20 40 40 20 660 20.78 4.22 0.85
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area, more free water is available for lubrication, resulting in better workability in
a combination of 50%-FA and 50%-GGBFS. Workability properties were better
obtained with mixes containing 50%-FA and 50%-GGBFS. Furthermore, according
to EFNARC, all SCGC mixes fulfilled the SCGC characteristics.

The Influence of PC Replacement on the Fresh Behavior of SCGC. The
combined influence of GGBFS and FA on the performance of SCGC is shown in
Table 4. The addition of PC to the mixes lowered the slump flow diameter from
715 mm (0 percent PC) to 670 mm (10 percent PC) and 660 mm (10% PC) in the
20%PC mix (20% PC). The overall GGBFS replacement lowered the slump flow
diameter more than the PC replacement by 20%. The EFNARC requirement [29]
yielded satisfactory results. Moreover, the inclusion of PC had an effect on the other
fresh properties. With the inclusion of PC, the T50 and V-funnels increased, while
the L-Box values decreased. PC added viscosity and cohesiveness to the mixtures.
According to the EFNARC, all mixes examined were in the VS2/VF2 class. The
mixes had good segregation resistance and/or free of bleeding in addition to low
formwork pressure. On the other hand, it was deducted that the mixtures’ setting
time improvedwith the addition of GGBFS. Theminimum setting timewas observed
through the use of 100%GGBFS. Moreover, the addition of PC also increased the
mixtures’ setting time compared to themixtures including 50%FA-50%GGBFS. The
previous researchers reported that the use of fly ash alone with an alkaline solution,
the final setting time was stated to be more than 24 h. However, replacing 10% of
the fly ash with GGBFS shortened it to 9 h. Furthermore, increasing the amount of
GGBFS in the mix reduced the setting time for GPC significantly [31].

Hardened Behavior of SCGC. GGBFS and FA’s influence with and without PC
on the strength of SCGCspecimens exposed to ambient temperature is shown inTable
5 and Fig. 3. The specimens containing 50% FA had lower compressive strength than
the specimens containing 100%GGBFS. Thismay be because unreacted FAparticles
cause severe self-dehydration, resulting in cracks and decreased compressive strength
[35]. Furthermore, increasing the GGBFS ratios improved the compressive strength
of SCGC. S50FA50 specimens had the lowest compressive strength due to lower
fly ash activity [36] and low amount of calcium [37, 38]. The researchers examined
the geopolymer concrete (GPC) with different binders, slag, slag/fly ash and fly ash

Table 5 The compressive strength of SCGC specimens

Mix code Compressive strength
7 days (MPa)

Compressive strength
14 days (MPa)

Compressive strength
28 days (MPa)

S50FA50 20.64 34.54 35.64

S60FA40 22.26 35.18 39.66

S70FA30 24.89 34.26 37.4

S80FA20 35.97 47.63 48.74

S100FA0 45.56 51.55 66.12

S45FA45PC10 25.23 42.85 46.43

S40FA40PC20 27.61 43.66 48.0
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mixes, and discovered that compressive strengths improved in the order of FA-based
GPC, FA/GGBFSmixture-basedGPC, andGGBFSbasedGPC.The researchers then
evaluated the XRD patterns of FA-based GPC (100% FA) to see the influence of low
calcium fly ash. Less reactive calcium (Ca) resulted in less calcium-silicate-hydrate
(C–S–H), and the lower volume of Ca in the FAdid not contribute in the production of
calcium-silicate-hydrate, explaining the poor mechanical strength of FA based GPC
specimens. They also discovered that the key hydration agent for FA-based GPC
specimens is calcium aluminum oxide hydroxide hydrate (Ca6Al2O6(OH)632H2O)
[36].

It was illustrated fromTable 5 and Fig. 3 that the addition of PC, also improved the
compressive strength of SCGC. The compressive strength increase was found to be
more than 30% and 35% for 10% and 20% PC specimens, respectively. Hence, it is
possible to use the PC to improve the mechanical properties of SCGC that have been
exposed at room condition. The highest compressive strength was found when 100
percent GGBFS was used, and the minimum compressive strength was found when
50% FA and 50% GGBFS were used. SCGC mixtures cured at ambient curing on
the scale of normal compressive strength to high compressive strength with average
values between (30 and 66)MPa can be noted. Additionally, the compressive strength
values showed that the increase lasted for up to 28 days. As compared to 7 days’
compressive strength test values to 14 and 28 days compressive strength test results,
the average increase was around 57% and 75%, respectively.
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Fig. 3 The compressive strength values of SCGC specimens
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4 Conclusions

The influence of FA and GGBFS with and without PC on the behavior of SCGC was
examined in this study. The following are the outcomes;

• The use of GGBFS substantially reduced the flow-ability and passing capacity in
fresh state tests. The mixes with the highest GGBFS (100%) and FA (0%) had the
greatest reduction fof

• Flow-ability and passing-ability requirements for all SCGC mixes have met the
specifications of EFNARC and standards requirements.

• GGBFS decreases the slump flow value and L-Box ratio of the blend while
increasing plastic viscosity. Mixes containing a higher proportion of GGBFS
became more cohesive and viscous, and the flow-ability and fluidity of SCGC
mixtures declined as the ratio of GGBFS increased and increased the resistance
to bleeding and segregation.

• According to the EFNARC, all mixes examined were in the VS2/VF2 class. The
mixes had good segregation resistance and/or free of bleeding in addition to low
formwork pressure.

• It was discovered that using PC at a ratio between 10 and 20% decreased the fresh
properties of SCGC. The use of PC, on the other hand, increased the compressive
values of SCGC.

• On the other hand, it was deducted that the mixtures’ setting time improved with
the addition of GGBFS. The minimum setting time was observed through the
use of 100%GGBFS. Moreover, the addition of PC also increased the mixtures’
setting time compared to the mixtures, including 50%FA-50%GGBFS.

• Thecompressive strengthwas found to increasewith timeup to28days.Compared
to 7 days compressive strength, the average increase was around 57% and 75%
for 14 and 28 days test results.
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Cost Prediction of Roads Construction
Projects Using OLS Regression Method

Ruqayah H. Rasheed and Sedqi E. Rezouki

Abstract Escalation of completed cost than contract cost of road construction
project causes disputes between road agencies and contractors and lead to deserted or
delay the same projects or others projects due to stealing from their budget to overlay
the shortfall. Consistent occurrences cause losing credibility and reputation of road
agencies in addition to political complications. Therefore, this study aims to build a
model to predict the completed cost of road construction projects in the early stage
of the project’s life cycle to avoid cost overruns. The ordinary least square regression
method (OLS) has been applied for cost prediction models based on data extracted
from 52 projects that have been obtained from the Roads and Bridges Directorate of
Construction and Housing Ministry in Iraq from 2011 to 2019. After projects data
are divided for training and testing, then strict assumptions of the OLS method are
applied, the optimal model has been developed based on the variables of contract
cost (CC), contract time (CT), projects downtime (DT), road length (L) and road
width (W) of the projects. The values of the assessment criteria of the optimal model
are 0.96 for the coefficient of determination (R2), 0.95 for adjusted R2, and 1897.8
for Schwarz’s Bayesian information criterion (BIC). The mean absolute percentage
error (MAPE) is 7.93%. These values are indicating that the developedmodel success
in illustrating the pattern between predictor’s parameter and project cost and well
performance.

Keywords Road construction cost · Completed cost prediction · Ordinary least
square (OLS) · Regression assumption · Best subset

1 Introduction

The costs are the main element of any contract for a road construction project; thus,
they take over the great interest of project participants. Although cost management
is an essential responsibility for the decision-makers of construction projects, costs
overrunning is a commonglobalmatter [1]. So, finishing the road construction project
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within contract cost has become a challenge for decision-makers because many
factors can share in cost overruns of road projects cost such as; the complexity
of the project, duration, the experience of the contractor, in addition to the conditions
of weather, site, economic situations, social climates, and local political [2]. The
parametric model of cost estimation is qualified to discover the relation between the
completed cost and important factors using historical data. The model can predict
the completed cost prior to the construction phase to supply information to assist
highways and road agencies in taking the proper actions for the projects. When the
model forecasts that the project completed cost is greater than the price of low-bid,
attentive supervision is necessary during the construction of the projects [3]. The
classical approach like adjusted unit price and quantity takeoff applied worldwide
[4] heavily depends on estimators’ sound judgment and experience to produce precise
estimates. These classical approaches are not always reliable and consistent and cause
estimation errors [5]. Therefore, the OLS methods have been applied in this research
to develop a parametric model for road construction cost that can draw the accurate
relationship between the project’s cost and their main contributor’s factors.

2 Research Methodology

The methodology that has been adopted in this research is illustrated in Fig. 1; each
step of the methodology will be described in the next section.

Illisutrate the problems and the aimes

Literature Review

Data collection

Selecting model predictors

Selecting forecasting method to develop models for 
estimating of road construction cost befor excution

Fig. 1 Research methodology
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3 The Problem and Aims

Given the complexity of bidding, it is also recognized that construction projects are
often completed at costs that are greater than the original estimate, so leads to dispu-
tations between the owners and contractors. It leads to delays in road construction
projects resulting in severe sacrifice to the credibility and reputation of road agencies.
The aims of this research are:

• Developing forecasting model via ordinary least squares (OLS) method based on
the contract price, contract time, road length, roadwidth, and downtime of projects
due to weather days and holidays. A model that will predict the completed cost of
road construction projects in the early stage prior to execution to avoid escalation
in the final cost of road construction projects by taking necessary measures.

• Developing estimation models that can be handled easily via calculators in the
early project stages.

4 Previous Studies

Mahamid [6] formed ten models to estimate the cost in the early stage for projects
of road construction using multiple regression methods, based on about 130 sets of
data gathered from Palestine. Four of developed models depending on data of bid as
input variables and six depending on length and width of the road, bid data which
have been used in developing the models were the quantities of earthwork, base
coarse, asphalt, concrete of retaining walls, curbstone, road marking, and quantity
of sidewalk concrete. According to MAPE, and R2 is the best model performance
were the models which have been dependent on quantities of bid data, and the more
accuracy of them the model that has MAPE equal 13%, and R2 of 0.98. Hollar et al.
[7] developed a model to estimate the cost of preliminary engineering by a multiple
regressionmethod, depending on data of 461 projects of the bridge inNorth Carolina.
The models based on 28 independent variables, 16 of them were categorical while
the remaining 12 were numerical. According to R2, MAPE the final model based on
7 predictors, four of them were numerical variables, and the other three variables
were categorical variables.

Cirilovic et al. [2] built a model by multiple-regression methods to forecast the
cost of road reconstruction and rehabilitation projects. The model is based on 19
predictive variables extracted from 200 projects of countries in Central Asia and
Europe, the variables related to the oil price, government, and project. Williams
[8] developed two simple linear regression models to predict the cost of highway
projects. Bid pattern data have been applied in these models as a predictor’s low bid
ratio, the ratio between the low bid and maximum bid, second low bid, and mean of
bid values. These data have been extracted from 1260 projects, 1000 of them applied
to build the linear regression models. While the remaining data of the 260 projects
have been used for testing. According to the accuracy of models which tested by
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R of 0.997 and R2 of 0.995, and the performance measurement by mean square
error (MSE) and the mean absolute percentage deviation (MAPD), the researcher
has been concluded that the best performing models were the model that depends on
the natural log of the low bid.

Zhang et al. [3] formed models using OLS regression methods to forecast the
completed cost of highway construction projects. Eventually, they have been mine
the data from state highway agencies (SHAs), and many other economic sources in
the USA. Data collected from about 750 projects of resurfacing highways projects,
about 650 projects have been selected randomly for model development, while the
remaining 100 projects have been used for validation. Themodels are built depending
on project data and economic data of the states. The project’s data variables were;
contract days, number of bidders, past contractor performance, number of lanes,
length of the project, and low bid or contract price. While the economic variables
were; consumer price index (CPI), producer price index price (PPI), prime loan rate
(PLR), and construction spending (CS). According to the best subset method for
performance measurement, the best OLS regression model consisted of the contract
price, CS, and CPI as predictors with R2 was 0.9875, and the adjusted R2 was
0.9874. The previous research had been used detailed information about the road
and highway projects (e.g., data of quantities, bid patterns, design, environmental,
and geographical data) and the region’s economic conditions where the project was
constructed. As shown in the succeeding clause, this research has been used basic
data about the projects that can be obtained at an early stage of projects like the
length and width of the road. Furthermore, only one research in the previous studies
has displayed and explained the strict assumption of the OLS methods and the strict
process of residual diagnosis, which is the assurance of model reliability.

5 Data Collection

The data used to develop the OLSmodels were gathered from numerous departments
(Legal, technical, and supervisory) of theRoads andBridgesDirectorate of Construc-
tion andHousingMinistry in Iraq from 2003 to 2019. The data available in Roads and
Bridges Directorate are the types of works (e.g., construction of new roads, bridge
rehabilitation, and maintenance, widening, interchange, maintenance, and rehabil-
itation of roads, and weighing stations), lanes number, total lengths, and width of
projects, engineers team of projects, original price of the contract, change orders,
completed cost of projects, days of the contract, total duration of the projects, project
location (governorate), downtime (weather days, and holidays), bidders number,
past performance ratings of contractors, and bidding type (invitation or competi-
tive). According to the availability of project details, the decision was to use the
data of construction new roads from 2011 to 2019. The variables that were used as
predictors to develop the forecasting models in the early stage of the projects were
contract duration, contract price, road width, road length, and downtime (weather
days and holidays). The data obtained from 52 road construction projects and from
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Table 1 Descriptive statistics of project data

Parameter Units Minimum Maximum Mean Std. Deviation

Project price Million (IQD) 160 42,959 9823.5 10,989

Contract price Million (IQD) 36.4 41,188 9284.4 1068

Contract time (Days) 148 2286 607.8 434

Downtime (Days) 0 147 51.5 33

Projects length (km) 2.6 70 19.4 15.3

Projects width (m) 6 8.3 7.4 0.98

many governments in Iraq from Nineveh to Basra. According to the final price, the
minimum project price was IQD159.995 million, and the maximumwas IQD 42,959
million, with a mean price escalation rate from the contract price of 4.51577%. The
Descriptive Statistics of final projects price as output variable (dependent) and input
variables (independent) are illustrated in Table 1.

6 OLS Model Development

The ordinary least-square (OLS)methodminimizes the sumof the squared difference
between the observed and predicted values. The best regression line guarantees that
the sum of squared residuals (SSR) is the minimum, [4] which be influenced by the
coefficients (ˆβ). Therefore, the strategy is to determine the regression coefficients.
The mathematical formulas to determine the optimum regression coefficients are
shown as Eqs. (1) and (2) [3].

Min.(SSR) = Min.((Y − Xb)T(Y − Xb)) (1)

βOLS = (X
′
X)

−1
X

′
Y (2)

where X = predictors matrix that includes independent variables (e.g., contract time
(CT), contract cost (CC), project width (W), project length (L), and downtime (DT)),
Y = the dependent variable matrix (project price), SSR = the sum of the squared
residuals, and βOLS=OLS regression coefficients. The first step to develop the OLS
model is checking the correlation between all the variables by Pearson’s correlation
coefficient, then selecting 80%of projects to build themodels by best subset selection
procedure and remain 20% of projects to test the models as illustrated in succeeding
paragraph and Fig. 2.
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Fig. 2 OLS regressions model development

7 Pearson’s Correlation Factor

Pearson’s correlation factor is a strengthmeasurement to a linear relationship between
variables, scale measurement of the factor has values from −1 to + 1. The positive
sign indicating a positive correlation between two variables while the negative values
indicating a negative correlation [9]; checking variables correlations to build an
OLS regression model is a standard procedure. The value of Pearson’s correlation
coefficient should be more than 0.3 when checking correlations between a dependent
variable and an independent variable, and it should be less than 0.7 when checking
correlations between two independent variables to avoid reducing the prediction
accuracy [10]. Table 2will demonstrate the values of Pearson’s correlation coefficient
between the dependent and independent variables that will use to build the models
in this research.
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Table 2 Results of Pearson’s correlations coefficient

Variables Project price L W DT CT CC

Pearson correlation

Project price 1 0.712 0.632 0.469 0.511 0.863

L 0.712 1 0.507 0.243 0.340 0.598

W 0.632 0.507 1 0.402 0.479 0.598

DT 0.469 0.243 0.402 1 0.844 0.466

CT 0.511 0.340 0.479 0.844 1 0.564

CC 0.863 0.598 0.598 0.466 0.564 1

Best sub set procedure

This study chooses the best-subsets selection techniques to avoid missing the
optimal model [11] compared with backward, forward, and stepwise procedures.
The best-subset technique requires more computation work; however, it is no longer
an important issue due to the large advancement in the science of computer programs
[4] The best-subset model selection procedure includes the following steps:

1. Identifying the possible models, including all possible groups of the candi-
date predictors. The number of models was 2K−1, (K is a number of predictors
variables) [12]. The possible models for this study are 31 models; see Table 3.

2. Selecting the best models from the models identified in the previous step
according to the criteria of Mallows’s Cp, Schwarz’s Bayesian information
criterion (BIC), R2, and adjusted R2 [13]. This study selects the five predictors
model, one best model from four predictors models, three predictors’ models,
two predictors’ models, and from one predictor’s model, see Table 4.

3. Based on comparing the criteria values of the best combinations of models
identified in the previous step, the final model will be:

ProjectPrice = −2384305410 + 0.9 × CC − 892941 × CT

+ 19181939 × DT + 25359412 × L + 304542686 × W (3)

Check normality, multicollinearity, and autocorrelated for the residuals of the
optimalmodel to ensure that the optimalmodel fulfills theOLS assumptions to obtain
the best estimates [14]. For this study, Shapiro–Wilk test (W) tested the normality.
Although W = 0.85 and p-value = 4.3 × 10–5 was violated, a histogram of the
residuals (Fig. 3) demonstrated a roughly normal distribution. The residuals were
independent, as Durbin–Watson test proved, which was equal to 1.8. According to
variance inflation factor (VIF) nomulticollinearity between predictors was detected.,
VIF values were 3.93 for CC, 2.76 for CT, 2.23 for DT, 4.05 for L, 3.44 for W.

Identifying the points of highly influential data by checking the values of Cook’s
distance [14], then detecting and eliminate outliers via the Bonferroni test. Finally,
improve the fitness and linearity using the Box-Cox test to choose how to convert



678 R. H. Rasheed and S. E. Rezouki

Table 3 Possible models

Predictors no Intercept CC CT DT L W R2 Adjusted R2 Cp BIC

1 x x 0.72 0.714 2 2119.9

1 x x 0.253 0.236 2 2166.1

1 x 0.217 0.199 2 2168.3

1 x x 0.465 0.453 2 2150.4

1 x x 0.424 0.412 2 2153.9

2 x x x 0.721 0.708 3 2123.7

2 x x x 0.726 0.714 3 2122.8

2 x x x 0.787 0.778 3 1979.2

2 x x x 0.747 0.735 3 2119.1

2 x x x 0.259 0.226 3 2169.6

2 x x x 0.558 0.538 3 2145.3

2 x x x 0.474 0.450 3 2153.5

2 X x x 0.575 0.556 3 2143.5

2 X x x 0.469 0.445 3 2153.9

2 x x x 0.587 0.568 3 2142.2

3 x x x x 0.729 0.710 4 2126.2

3 x x x x 0.788 0.774 4 2114.6

3 x x x x 0.747 0.729 4 2122.9

3 x x x x 0.797 0.782 4 2112.7

3 x x x x 0.749 0.732 4 2122.5

3 x x x x 0.797 0.782 4 1980.8

3 x x x x 0.578 0.548 4 2147

3 x x x x 0.477 0.441 4 2157.1

3 x x x x 0.621 0.595 4 2141.9

3 x X x x 0.634 0.608 4 2140.3

4 x x x x x 0.802 0.783 5 2115.2

4 x x x x x 0.753 0.729 5 2125.7

4 x x x x x 0.797 0.777 5 2116.5

4 x x x x x 0.802 0.784 5 1983.3

4 x x x x x 0.634 0.599 5 2144.1

5 x x x x x x 0.96 0.95 6 1897.8

data for themodel improvement [8]. For this research Cook’s distance test discovered
the points of influential data, and one outlier was specified and eliminated by the
Bonferroni test. The statistic values of the Box-Cox test show that the transformation
was not required.When assessing the predictive model’s performance by testing data
that are 20% of the total data, the Mean Absolute Error (MAE) is 446,951,325, and
MAPE is 7.93%, which indicates the good performance of the optimal model.
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Table 4 Assessment of goodness of fit

Predictors no Intercept CC CT DT L W R2 Adjusted R2 Cp BIC

1 X x 0.72 0.714 2 2119.9

2 X x X 0.787 0.778 3 1979.2

3 X x x x 0.802 0.787 4 1980.8

4 X x x x x 0.808 0.788 5 1983.3

5 X x x x x x 0.964 0.958 6 1897.8

Fig. 3 Residual histogram

8 Conclusions

The main objective of this study is to assist decision-makers in highways and road
agencies by developing early cost estimating models and easily handled via calcu-
lators for road construction projects. The variables that were used in building the
model were chosen according to previous studies and available data from 52 projects
in different Iraqi governorates. Themodel satisfied the assumption ofOLS techniques
for multiple linear regression methods. In this study, 31 regression models are devel-
oped, including contract cost, contract time, downtime, road length, and width. R2
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for the optimal model was 0.96. This indicates that the relationship between the inde-
pendent and dependent variables of the developed models is good, and the predicted
values from a forecast model fit with the real-life data. Also, the model has the best
performance, as indicated by MAPE value of 7.93%. It must be noticed that the
prediction model of the project cost is an opinion of potential cost is not an exact
value. The reliability and accuracy of the prediction model are dependent on the
definition of the project scope.
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Modeling of Variation Orders in Cost
and Time Using System Dynamics
in Iraqi Construction Projects

Wissam A. Ismaeel, Hafth I. Naji, and Raquim N. Zehawi

Abstract The construction industry owner quite often issues variation orders, and
they can cause the contractor’s work to be disrupted, impact time and cost overruns.
Rework and minor changes can be qualitatively predicted and estimated during the
bidding process for themost significant projects. This research explains themeaning,
application, and potential application of system dynamics in assessing the impacts of
variation order on cost and time. The model boundary is defined, including Exoge-
nous and Endogenous variables. The Casual loop diagram CLD is built to explain
the system structure after determining the modeling parameters fully. Using Vensim
software, a system dynamics model is created, verified, and validated before being
used to quantify the impact of variation orders in project scope on cost and time. The
research aims to use system dynamics to simulate variation orders in Iraqi construc-
tion projects’ cost and time. There are a large number of variation orders that occurred
in most construction projects in Iraq.

Keywords Endogenous · Exogenous · Vensim · System structure · Variation
orders

1 Introduction

Variation orders are a common occurrence in the construction industry, and they
can have a negative or positive impact on the duration, cost of the project [1]. Two
types of variation orders are commonly used. Owner-requested changes to, design,
the project scope, or detailing are called owner-generated change directives. Field-
generated variation orders are the result of issues in the field that necessitate design
changes [2]. Hanna et al. [3] defined the variation orders as that due to the uniqueness
of each project and the limited resources of time and money available for planning,
variation is unavoidable on most construction projects, resulting in a modification of
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the original scope, execution time, or cost of work. According to Gundus and Hana
[4], a variation order is “a legal exchange that replaces the contracting company in
the implementation of the contract’s terms that permit the amendment of the contract
by the will of any party without exceeding the contract’s general scope”. According
to Staiti et al. [5], variation orders can be divided into three groups based on the type
of change field: Works with omissions, additions, and substitutions.

Project changes, which arise from each construction project’s unique circum-
stances and conditions, are a common source of concern for the construction industry
these days. Because construction projects are complex, involving many participants,
and take a long time to complete, they are prone to change as they progress [6].
System dynamics (SD) is a methodology for studying and managing dynamically
complex systems by creating and applying simulation models [7]. System dynamics
modeling can be used to properlymanage and simulate processes that have twomajor
essential characteristics: (1) they allow feedback—the transmission and reception of
information (2) They involve time variation [8]. Stocks represent collected and stored
quantities, characterize the system’s state, and produce the data used to make deci-
sions. The rate at which stocks increase or decrease is referred to as the flow rate [9].
To model decisions and project management policies, information feedback loops
are used [10]. Modeling decisions and project management policies are done with
information feedback loops [9].

SD modeling can be used to solve problems in the construction industry. The
reason for this is that construction projects include the following:

• The highly dynamic.
• Were also highly complex, with various interdependent components.
• Multiple feedback processes should be used.
• Nonlinear relationships are involved.
• Include both quantitative and qualitative data in your analysis [11].

Simulation means that a system representation employs a computer’s mathemat-
ical computation execution on a model formed through the system dynamic tech-
nique [12]. The Dynamics System is an analysis of system path originated through
Forrester [9] analyzed and model the behavior of complex systems of social in the
context of industrial [9]. System dynamic helps analyze social, economic, phys-
ical, chemical, ecological, and biological systems. Despite broad usage of system
dynamics in various business management fields, project management deems one
of the most related areas for system dynamics usage [13]. In effect, SD’s critical
advantage is his ability to ease conceptualization of the multi-disciplinary models
by supplying the tools; the tool is a qualitative tool to supplement the quantitative
simulations [14]. In the system dynamic, the causal loop diagram identifies the nega-
tive and positive feedback processes. The Causal loop diagrams shape closed loops
and describe a map of cause and effect relationships among the individual system
variables due to link causal loop diagrams consists of variables which are linked by
the arrows indicating to influences of causal among variables [15]. The feedback is
classified as either negative or positive.
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The term positive and negative mention whether variation in feedback system
shifts in opposite directions to output stabilizing, balancing behavior, or move in the
same direction for producing compounding behavior, reinforcing [16]. The system
dynamic’s initial variables could be separated into two groups: Exogenous: The
system and endogenous variables do not directly impact the components’ values: the
components’ values are directly impacted by the system[17]. Behavior, the plot of
the system of the variables over time, helps the system reference and understand the
general system attitude [18]. Referencemode helps guide the structure’s model prop-
erly for taking the historical data on the paper, and after examining the acceptability,
the model is finished [9]. Exponential growth; Exponential decay; oscillations; over-
shoot and collapse; S-shaped growth; are common the hypothesized reference the
model in the behaviors [19]. The research aims to use system dynamics to simu-
late variation orders in Iraqi construction projects’ cost and time. There are a large
number of variation orders that occurred in most construction projects in Iraq.

2 Methodology

The methodology is concluding two parts, the first part is the theoretical study, and
the second part is Experiential study, the data collection from 27 projects in the
University of Diyala in a different period from(2008–2020). The methodology is
explained in Fig. 1.

Fig. 1 The methodology of
the research
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3 Case Study

For information about change orders in construction projects, a group of projects
was selected within Diyala Governorate and Diyala University, specifically in case
studies. All the study projects were private, governmental, and multi-story buildings
and were implemented by a private and public contractor. The researcher adopted
13 construction projects in Iraq as a case study to locate the variation orders’ size in
Iraq’s construction projects.

Data Acquisition. For identifying the problems, that accrued in the projects under
study and the size of the variation orders, relevant data were collected on variation
orders for each construction project under investigation by: (reviewing of contract for
each project, meeting with the project managers and specialized engineers, study the
issues of variation orders, the duration of variation orders to each project, themonthly
reports). To determine the size of variation orders in the construction projects in Iraq,
the researcher adopted 27 projects in Iraq, as mentioned in Table 1 summarized the
actual W.A. (weighted average) of variation orders in cost and time.

Actual W.A.Time.V.O

= (Actual time v.o% *contract duration)in the same period

(sum .contact duration)in the same period
(1)

Actual time V.O% =
(
Actual time V.O

contract duration

)
for every period (2)

Table 1 Summarize of actual W.A (weighted average) of variation orders in cost and time

No. Year Actual W.A T.V.O (%) Actual W.A C.V.O (%)

1 2008 30 2

2 2009 27 2.6

3 2010 24 0.2

4 2011 18 0

5 2012 22 46.4

6 2013 30 0.2

7 2014 38 11.2

8 2015 44 1.2

9 2016 19 0.7

10 2017 26 0.0

11 2018 51 0.6

12 2019 48 2.1

13 2020 69 2.4
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Actual W.A.Cost.V.O

= (Actual cost v.o% *contract duraton)in the same period

(sum.contract duration)in the same period
(3)

Actual cost V.O% =
(
Actual cost V.O

contract duration

)
for every period (4)

System Dynamics Model Development. The system dynamics model has been
conducted to assess the owner, contractor, and legislative impact on construction
projects’ performance using the free software system VENSIM PLE to visualize the
model. The interconnection among variables in the conceptual model is converted
into quantitative measures using the VENSIM PLE free computer system through
the stock and flow diagram. This study uses two models containing a stock and
flow diagram. One model impacts construction projects’ variation order cost, and
the second model variation orders time on construction projects.

The Boundaries o The Model. In constructing the model, the first step is located
scoping of the system. Exogenous and endogenous variables are scoping of the
model.

Exogenous: are variables are not including the feedback. In the modeling of cost
and time variation orders, legislative alteration and insurgency effect are Exogenous
variables.

Endogenous variables found in the system’s feedback effect, contractor, and owner
are endogenous variables in modeling cost and time variation orders.

4 Description of The Modeling of System Dynamic

This part including characterization of the two modelings of variation orders as
below:

The Model of Cost Variation Orders. The model is describing variation order cost
and time in the construction project of Iraqi. The model can be represented through
stocks and flows this addresses variation orders cost, contractor orders opinion on
variation orders cost, owner opinion on variation orders cost, change in contractor
opinion on variation orders cost, change in owner opinion on variation orders cost,
and net change in variation orders cost, see Fig. 2.

TheModel of TimeVariationOrders. Themodel can be represented through stocks
and flows this addresses variation orders time, contractor orders opinion on variation
orders time, owner opinion on variation orders time, change in contractor opinion
on variation orders time, change in owner opinion on variation orders time, and net
change in variation orders time (Fig. 3).
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Fig. 2 Variation orders cost in a construction project

Fig. 3 Variation orders time in the construction project

5 The Results

Using the System Dynamics Model for the project execution data in construction
projects, quantitative analysis was carried out Tables 2 and 3.

The results of SDM are explained in this section to analyze the effects of variation
orders on a construction project. Various periods from 2008–2020.

Analysis of Variation Orders Cost. The variation orders cost in construction
projects appears in different periods and is shown in Fig. 4. In the years (2008–2009–
2010), the variation orders cost decreased because the Post-terror period increased
in (2011) and (2012) because of the effect of laws and regulations on the varia-
tion orders. In years (2014–2016–2017), variation orders cost decreased because the
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Table 2 Validating the model of system dynamics for actual cost variation orders

Year Actual weighted average cost (%) Simulated weighted average cost (%) Difference

2008 2 2 0

2009 3 3.22581 0.22581

2010 0 −0.0225952 0.0225952

2011 0 −0.0288894 0.0288894

2012 46 45.9136 0.0864

2013 0 −0.542119 0.542119

2014 11 10.391 0.609

2015 1 1.02221 0.02221

2016 0 0.522071 0.522071

2017 0 0.653568 0.653568

2018 0 0.821182 0.821182

2019 2 2.60912 0.60912

2020 2 2.14673 0.14673

Table 3 Validating the model of system dynamics for actual time variation orders

Year Actual weighted average time Simulated weighted average time Difference

2008 12 12 0

2009 2 2.62234 0.62234

2010 4 3.98289 0.01711

2011 10 10.031 0.031

2012 2 1.99973 0.00027

2013 0 0.626169 0.626169

2014 7 7.87489 0.87489

2015 8 8.39124 0.39124

2016 0 0.750232 0.750232

2017 0 −0.443413 0.443413

2018 0 0.158509 0.158509

2019 3 3.52859 0.52859

2020 5 4.46589 0.53411

impact of war and in years (2018–2019–2020), a small portion increased because
completion of projects affected by 90% of standard documents.

Analysis of Variation Orders Time. In Fig. 5, the variation orders time increased in
(2008). Projects stopped after thewar and the economic crisis anddecreased in (2009–
2010). There was little funding for projects in that period and in (2011) increased
because variation orders are affected by laws and in (2012–2013) decreased because
there were restrictive instructions for the variation in (2014–2015) increased due
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Fig. 4 Variation orders
actual cost on construction
projects

Fig. 5 Variation orders time
actual on construction
projects

to financing for complementary projects orders and (2016–2017) decreased. After
that, the impact of ISIS terrorism increased in (2018–2019–2020) because of stalled
projects in this period and its impact on construction projects. In this study, based on
general possible scenarios of contractor and owner that it is worth mentioning using
system dynamics in this study to prove that the impact of variation orders in cost and
time in construction projects and the related factors like insurgency and legislative
effect on project performance and it helping decision-maker to control and manage
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Fig. 6 Variation orders time
total on construction projects

in every stage of a project and discovering any factor that has the high of an impact
on the project (Fig. 6).

6 Conclusion

In the system dynamic, the causal loop diagram identifies the negative and positive
feedback processes.

• According to the results above, this study concluded that the variation orders
impact the construction project’s time and cost to a high degree.

• There is a large number of variations orders that occurred in most construction
projects in Iraq.

• In the actual time different from 12% in 2008 and decreasing to 5% in 2020.
• In actual cost additional from 2% and increasing to 46% in 2012 and dropping to

2% in 2020.
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Evaluating the Performance of Iraq
Construction Projects Using Building
Information Modelling Technique

Noor H. Kadume and Hafeth I. Naji

Abstract Construction projects in Iraq face risks that have unique effects where
it causes project stopping for long periods, sometimes for several years, and the
actual cost of the project deviates from the cost of the planned project due to the
weakness of the techniques used in the planning and design stage and the weak-
ness in understanding the political, cultural and economic conditions of the country.
This paper aims to evaluate the performance of construction projects in Iraq and to
show the effect of these risks on the stages of project progress during the construc-
tion period through adopting an effective technique such as building information
modeling and generating 4D model building to compare the between the actual
work and the planned work for the project progress. The research methodology was
applied in one of the completed Iraqi construction projects. The study concluded
that 4D model generating is effective in evaluating the performance of construc-
tion and helps to understand the effect of risks on project activities progress and
project completion time, also, the possibility of adopting this model as an evaluation
program that helps the project managers to understand the performance of construc-
tion project before construction and avoiding risks. Project managers believe this
model can contribute to controlling risks to a construction project and improving its
performance.

Keywords Building information modeling · Construction risk · 4D simulation ·
Construction project · Construction scheduling

1 Introduction

The risks of the construction aor at the design phase may occur when the completed
construction building does not compatible with the requirements of the owners and
occupants [1]. Changing the owner requirement over time or weak communication
between the design team and the owner generates this risk. However, the technique
of Building Information Modelling (BIM) indicates the generating and coordinated
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use of a group of digital data about the project building. The project information may
include schedule, cost, fabrication, energy,maintenance, and 3Dmodels building that
is used for making the design decision, production of the construction documents
with high-quality performance, estimating the project cost, and construction project
planning, and finally, managing and operating the project facility [2]. The building
information modeling technology is an integrated and comprehensive system for all
projects. It is a technology that includes procedures, applications, and policies that
help enhance the projects’ performance [3].

The technique of BIM considers as an effective tool in generating a virtual project
environment that similar to the actual project environment of a job site that can be
helping for identity and solve risk problems in the early project stages [4].Most of the
construction Companies took refuge in using the BIM technique in their projects [5].
The technique of building information modeling facilitates the design of the project
and conducts modification of the 3Dmodel and the storage of its data [6]. On another
side, BIM technology can participate in information between different construction
team members during the various phases of the project [7]. BIM facilitates dealing
with the complexity of the construction projects, which impacts the basic objectives
of construction projects [8]. Based on the previous features and characteristics of the
BIM technique; it can be used as an effective technique to assess risk management
process in a construction project [9], which is the important process in any construc-
tion project [10]. A number of studies were conducted to identify the risks of projects
and improve the performance of construction projects. Chen and Luo [11] attempted
to manage project quality using a 4D model based on the construction codes and
generated a model for quality control. Mihić et al. [12] used BIM technology to
develop an automated system that can improve occupational safety by linking the
BIMmodel for the building by the developed risk databases of the construction. Chiu
et al. [13] used the BIM technique to simulate a 4D model for constructing a steel
bridge and conducting clash detection for it. Marzouk and Hisham [14] used the
characteristic of BIM for cost estimation to generate an application that integrating
BIM with Earned Value (EV) for cost controlling and schedule and identifies the
project status at the specified time for infrastructure bridges. The construction sector
in Iraq faces great risks due to the lack of understanding of the political, economic,
cultural, and legal conditions of the construction project in a significant way, as well
as the lack of evaluation of the performance of the construction project in the design
stage, which affects the main objectives of the project (cost, time, quality). In this
study, the researcher seeks to achieve the following goals:

• Evaluate the performance of construction projects in Iraq
• Evaluate and present the effect of risks in the construction projects in Iraq
• Shedding light on the most critical techniques used in the evaluation and

management of construction projects.
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2 Research Methodology

In this paper, the authors will use the characteristic provided by BIM to simulate and
present the impact of risks in construction projects in the design stage to arrive at the
best strategies to improve the performance of construction projects in the construc-
tion sector. This research methodology included two parts and can be organized as
follows:

Part One (Theoretical Side). This part includes conducting a literature review for
the previous studies concerning risk management in construction projects and the
BIM technique (papers, thesis, websites, books).

Part Two (Practical Side). This part includes four stages as shown below:

• Stage one: identify the case study and collect related information to the construc-
tion project (2D drawing, data, project planned and actual duration, priced
quantities scheduled).

• Stage two: generate a 3Dmodel for the selected case study using Revit 2020 from
Autodesk with many project details.

• Stage three: scheduling the project details (planned project start, planned project
finish, actual project start, actual project finish) by Using MS Project 2010 by
Microsoft project

• Stage four: this stage including of integration the output of the previous illus-
trated stages, which includes using Navisworks manage 2020 from Autodesk,
which compatible with both Revit and MS project software and generating 4D
building simulation, and Comparison the results between planned and actual
project progress, and illustrate the effect of risk on actual project progress and its
duration through the videos simulation results and finally conclusions that reached
by the researcher.

3 Case Study: Internal Departments Building No. (2)
at the University of Diyala

The building of internal departments at the University of Diyala No. (2) is one of
the Diyala university projects. It consists of three-floor with an area (6000 m2).
The University of Diyala transferred the project to a local company on 5/12/2013
with a period of (400) days at a total cost of (4,584,262,000) IQD, and the project
was stopped on (9/3/2015). The work on the project was resumed on (5/2/2019)
to complete the remaining works, and the project completed on (16/2/2020). Other
project details summarized below:

• Type of Contract (Unit Price contract)
• Project planned start date (5/12/2013)
• Project planned finish date (8/1/2015)
• Project actual start date (5/12/2013)



694 N. H. Kadume and H. I. Naji

• Project actual finish date (16/2/2020)
• Planned project duration (400 days)
• Actual project duration (2629 days).

The project was exposed to many risks that caused the project to stop for many
years, and deviation the actual project duration about planned project duration and
the actual cost exceeded the estimated cost. The author identifies these risks from
many visits conducted by him with the project manager and supervisor engineer for
the project; these risks are:

• Error in estimating the quantity of material
• The inability of the owner to finance the project
• Change in design
• Design difference between structural and architectural
• Effect of change order
• The difference between bill of quantity and plan
• The occurrence of risks excluded by both parties to the contract.

4 Generate 3D Model for the Selected Case Study

The author used Revit software from Autodesk to generate a 3D model for the
building, as shown in Fig. 1. Due to its high-quality graphics and can cause a better
image significantly, and it includes many families that can be loaded to it also, it
contains all the discipliners in one work environment. The Revit software interface
includes many components which exactly appear when starting a new project. The
collection of these components produces the tools needed to generate a 3D model
for the building.

Fig. 1 The 3D BIM model of the case study



Evaluating the Performance of Iraq Construction Projects … 695

5 Scheduling the Project Activities

After completing the collection of project information, the construction schedule
for the 3D model components must be generating by using MS project software
2010; two types of project activity schedule are generating: planned construction
schedule and actual construction schedule and taking into consideration relations
between project activities. The author depends on data obtained about the case study
to generate these schedules, such as bill of quantity and planned project duration,
actual project duration. Figures 2 and 3 illustrate the planned and actual project Gantt
chart view, respectively. The Generated schedules were imported to Navisworks
manage 2020 that allows video simulation for the project activities for two cases
(planned, actual).

The calendar that was adopted for the scheduling of the project activities is the
internal department calendar, as shown in Fig. 4, which the local company adopted.

Fig. 2 Planned construction scheduling for case study

Fig. 3 Actual construction scheduling for the case study
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Fig. 4 The calendar adopted for scheduling

Table 1 The work time for
each day

No Day Work time

1 Saturday 8:00 AM to 3:00 PM

2 Sunday 8:00 AM to 3:00 PM

3 Monday 8:00 AM to 12:00 PM
1:00 PM to 5:00 PM

4 Tuesday 8:00 AM to 12:00 PM
1:00 PM to 5:00 PM

5 Wednesday 8:00 AM to 12:00 PM
1:00 PM to 5:00 PM

6 Thursday 8:00 AM to 12:00 PM
1:00 PM to 5:00 PM

6 Friday 8:00 AM to 3:00 PM

All the weekdays are considered as working time, and the work time for each day is
shown in Table 1.

6 Results and Discussion

The 3Dmodel for the proposed case studywas exported toNavisworksmanage 2020.
Also the construction schedule for the 3D model was imported, and generating 4D
model by linking each activity in the project schedule with 3D model building,
running the simulation for the project activities progress as shown in Fig. 5, which
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Fig. 5 Simulation running for 4D model in Navisworks software

allow identifying the effect of risks on project activities at any time from the virtual
view resulted.

From the virtual view for the 4D simulation, the risks managers noted the
following: For the actual construction schedule for the project activities, the 4D
model simulation showed that there was a delay in completing some activities of the
project, such as the brickworks for the ground floor which not completed as planned
as shown in Fig. 6. Due to a number of the risks that faced the construction project,

Fig. 6 Video screenshot for actual project progress

Fig. 7 Video screenshot for planned project progress
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Fig. 8 Video screenshot for actual project progress at 460 days

Fig. 9 Video screenshot for actual project progress at 2052 days

and Fig. 7, which illustrates the planned project progress simulation for the same
time.

According to the project information obtained by the author, the actual work in
the project was stopped on 9/3/2015 due to the risk of the inability of the owner to
finance the project. A lot of project activities were not completed, such as (window
and door work, ceramic work, and brickwork for curtain); this stopping in project
progress can be shown through the 4D building simulation as shown in Fig. 8.

The actual work on the project was resumed on 5/2/2019 to complete the other
works that were not completed, and Fig. 9 shows a video screenshot during the
simulation after resuming the work after stopping the work. The transparent green
color represents the beginning of the windows and doors works for the project.

Therewas a difference between the planned project completion date and the actual
project completion date because of the effect of project risks that were not considered
in the earlier stages of the project; the simulation videos allow us to present this date
difference by showing the date through simulation. The project took 400 days and
58 weeks to complete the project as planned, as shown in Fig. 10. The actual project
took 2265 days and 324 weeks to complete, as shown in Fig. 11.
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Fig. 10 Video screenshot for planned project progress at 400 days

Fig. 11 Video screenshot for actual project progress at 2265 days

7 Conclusions

Construction projects facemany risks due to the uncertainty surrounding them,which
in turn affects the basic objectives of the construction project (time, cost, quality).
This study aims to highlight the role of BIM technology in evaluating the perfor-
mance of construction projects that exposed to risks and managing these risks by
generating a tool that assists project managers in understanding the impact of risks
on the performance of construction projects and taking the necessary measures to
control and avoid them in the later stages of construction. This goal was achieved
by generating a 4D model by BIM, which allows simulating the schedule of project
activities and showing the effect of risks on the time of completion of the construction
project, as the proposed model helps to give a clear picture of the progress of the
project activities during the construction phase, which facilitates the identification of
the impact of risks on project activities. The proposed methodology can be applied
in all types of construction projects. Also, video clips of the simulation model can
be created in AVI format and shared among all stakeholders, which facilitates the
visualization of the project clearly before its establishment, which in turn contributes
to reducing the risks of the construction project.
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The Priorities for the Distribution
of Primary School Projects According
to the Spatial Gap Criterion
at Baghdad/Iraq

Yaqdhan A. Kamil and Sedqi E. Rezouki

Abstract Baghdad governorate suffers from a lack of optimal use of resources and
the problemof insufficient primary schools to accommodate the increasing number of
students every year, the aging of old school buildings and the lack of construction of
new schools is one of the clear examples of this. Primary education in the Republic of
Iraq is mandatory. Not adhering to it. The research focused on investigating the roots
of this problem and finding appropriate solutions for it in the future. The researcher
relied on collecting and analyzing federal and local government data available from
the Ministry of Education, the Ministry of Planning, and Baghdad Governorate.
Comparisonsmade and comparedwith the standards adopted in spatial development.
Themain findings of the research showed that the adoption of the population standard
in the distribution of school projects leads to inequality and equality between the cities
that make up the city of Baghdad and creates a disparity in that service in favor of
the population and not the real need for that service. It was also evident through the
research that adopting the spatial gap criterion for development in the distribution of
school building projects achieves justice and equality and contributes to promoting
the principles of democracy and equal opportunities. The use of the spatial gap
criterion for regional and local development is an effective tool in the optimal use
of resources. The fair distribution of projects and creates a balance between cities
according to the actual need for services and which is what has been proven in the
research and has been strengthened by the results of the statistical analysis of the
results.

Keywords Spatial · Development gap · Elementary schools · Priorities for
primary school projects

1 Introduction

The development consists of comprehensive and continuous changes of human and
material resources in various fields of living, economic, social, and others. These
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changes are going in a specific direction to achieve goals for pre-drawn goals;
thus, development is an intended and organized process of change, and this process
throughout its course in developing countries has accompanied the development gap.
Can be defined as gaps or deficiencies that occur during the comprehensive develop-
ment process, whether at the sectorial or spatial level. The interest in service sectors
in certain places at the expense of other places leads to a gap or defect in development
in general [1]. The governorate of Baghdad, which is the capital of the Republic of
Iraq, is one of the largest Iraqi cities in terms of population and the highest political
and economic importance. Primary education in Iraq is one of the most important
pillars of good governance, and the Iraqi systems have adopted compulsory primary
education and the necessity of providing school buildings for all individuals the Iraqi
people.

Baghdad suffers from a shortage of primary schools, which poses a real problem
and a great challenge. What exacerbated the size of the challenge is the misuse of
resources, especially in the distribution of these schools to cities in need, and the
failure to set rational and real priorities for the fair and equitable distribution of these
projects. The aim of the research focuses on finding the best way to use the available
resources, managing them effectively to achieve the highest possible value from the
optimal use of those resources, and determining the priorities for distributing school
building projects for the primary stage in a fair manner. All of that among the cities
of Baghdad Governorate using the spatial gap criterion for development. According
to Iraqi law, the state is obligated to provide all necessary resources for primary
education, and it is financed from the general budget, the development plan, and the
need to properly distribute it to the population centers [2].

2 Spatial Development Gap

In this, section a review of the literature on the spatial development gap.

Spatial Development. Understandably, spatial development is those changes that
occur in the state of a region (governorate) in an intended manner to improve the
living conditions of the population and reduce spatial development disparities, which
are the difference between one region and another in terms of the use of educational,
health, social and economic services. In addition, the countryside or between the city
and peripheral centers. The spatial development generally aims at achieving a balance
between regions (governorates) in away that provides convergence in average income
and standard of living, reducing spontaneous trends in the field of migration, local-
ization of industries, distribution of services, reducing unemployment, improving
the level of economic activity to raise the rate of growth, Accordingly. Priorities
for spatial development vary from one region to another depending on the base
of natural and human resources and the development opportunities available in it
[3]. The concept of spatial development means bringing about urban and regional
changes. The first (urban) relates, in essence, to defining urban centers and urban
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agglomerations whose regions should be developed according to specific mecha-
nisms and periods. To achieve external savings and benefit from the elements of
urban attraction and strive to achieve the highest benefit from front and backlinks
from the returns of the place [4].

Spatial Development Goals. Spatial development goals are as follows [5]:

1. Developing national wealth sources, regions, and urban centers.
2. The integration of the territories of the parties and the organization of spatial

space.
3. Improving the national system in terms of planning, management, and invest-

ment.

The Possible Effects of The Differences in Development. The possible effects
of the differences in development, in general, can be summarized as follows [6].

1. The existence of unexploited economic resources in the less developed regions,
which deprives these areas of opportunities to use them in development.

2. The high costs of investment and production in less developed regions because
of the unavailability of the basic infrastructure, where the focus is on those
services when establishing any of the investment projects, which constitutes
additional costs on these projects.

3. Focusing on trends or theories ready for development, such as the balanced
growth theory, which focuses on consumer and strategic industries that often
require huge investments, which developing countries are unable to provide. The
balanced growth theory is applied in the advanced stages of the development
process, but the early stages. It recommended concentrating available resources
in areas that make the national economy more flexible, which increases the
degree of its response to market and demand expansion.

4. The lack of developmental integration between the regions of the same country
as well as the lack of integration of the same region between them. This is
what causes external links to the developed regions and governorates, and thus
increases the external economic and trade dependency on them, and increases
the degree of decline in the economic level. In addition, that strengthening
the principle of economic efficiency (productivity) and social justice in the
distribution of growth and development returns among the Iraqi governorates,
will thus lead to limiting or reducing the deficit or disparities in the fields of
development between cities.

3 Analysis of Spatial Development Conditions in the City
of Baghdad

Comparative Potentials and Advantages. The city of Baghdad is located in the
middle of the Iraqi lands and is the center of the governorate of Baghdad. The Tigris
River divides the city into two halves: Al-Karkh on the western side of the river and
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Al-Rusafa on the eastern side. There are the most popular areas and neighborhoods
that the city’s residents visit market Iraqi traditional products, and bridges extend
along the river to connect The city’s location is considered an intermediary between
the two major Iraqi cities [7]. Baghdad governorate has comparative advantages
and many and varied development potentials, as it owns large areas of arable land
surrounding the governorate of more than 1.1 million dunums that are cultivated
with all summer crops. In addition, winter, vegetables, citrus, and palm trees, and the
governorate have a variety of tourism potentials (religious, archaeological, historical,
and recreational).

It has more than thirty tourist sites distributed in various districts and sub-districts,
as for the oil resources, there is in Baghdad governorate the Dora refinery, wax,
and asphalt contains an advanced factory for manufacturing plastic cans to fill the
produced oils. It produces about 11 thousand cans per month. In Baghdad, there is
also an untapped oil reservoir located in the east of the province, where the reservoir
reserves are estimated at 1 billion barrels. Baghdad governorate is characterized by
non-oil mineral resources represented by clay and alluvial deposits, suitable for the
manufacture of bricks. It has more than 10 large government factories are distributed
in the governorate of Baghdad for the production of various industries and 31medium
factories and there are more than 2111 small private factories distributed in the
districts and districts of the province [7].

Administrative divisions of Baghdad governorate and population. The Iraqi
Republic is divided into governorates and governorates into districts and districts into
districts, and each of them shall have a legal personality within the scope of the func-
tions that the local administration exercise [2]. The relative importance of Baghdad
Governorate is compared to the other seventeen governorates of Iraq according to
the population criterion (25.02%) [8]. The population of Baghdad Governorate,
according to estimates by the Central Bureau of Statistics-the Iraqi Ministry of Plan-
ning, is approximately (8,494,258) for the year 2018. The governorate of Baghdad
consists of ten districts that make up the capital of the Republic of Iraq, Table 1.

Table 1 Population
estimates of Baghdad
governorate depending on the
Ministry of Planning-Iraq

City name Population estimates for the year 20,018

Rusafa 1,884,250

Al-Adhamiya 1,253,379

Al-Sadr (1 + 2) 1,261,934

Al-Karkh 1,659,540

Al-Kadhimiya 938,684

Al-Mahmoudiyah 514,327

Abu Ghraib 341,126

Al-Tarmiya 154,537

Al-Madaen 486,484

Total 8,494,261
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It is evident from Table 1 that Baghdad governorate is one of the big cities when
compared with the nearby cities, as its population exceeds the population of some
neighboring countries such asKuwait,Qatar,Bahrain, andothers. The largest districts
in Baghdad governorate are the Rusafa district, followed by the district of Karkh,
then Sadr City, and Adhamiya district, after which the Kadhimiya district and other
relatively small districts, up to the smallest district, which is the Tarmiyah district.

4 The Spatial Dimension of Primary Education Services
in the City of Baghdad

Indeed. During the past four decades, Baghdad governorate has witnessed major
developments in terms of spatial and population expansion, which has led to doubling
the number of educational institutions in it and the distribution of their institutions
and services independently of their indicators and planning standards, see Table 2.

From Table 2, the extent of the problem that the governorate of Baghdad suffers
from, the large number of students in one school, as well as the number of students
per class, with the lowest average of 39 students per class. This indicates the size
of the shortage in buildings and the need to build new schools to accommodate the
numbers the increasing number of students every year. Baghdad has 565 private
primary schools distributed over the various districts [10].

The Current Reality of Primary Schools According to the Local Planning
Standard. The local planning standard has specified one primary school for every
(2500) inhabitant, meaning that the country needs about (13,039) schools. By
comparing this standard with the actual availability of (17,235) primary schools

Table 2 Number of primary schools, number of students, and indicators for Baghdad governorate
for the year (2017–2018) based on data from the Ministry of Education in Iraq [9]

S City name Current
elementary
schools

Number
of
students

Number
of rows

Number
of
teachers

Pupil/school Pupil/class

1 Rusafa 357 297,409 6127 10,842 1/833 49/1

2 Al-Adhamiya 382 208,047 4751 11,956 1/545 44/1

3 Al-Sadr (1 + 2) 343 165,690 4955 8079 1/483 33/1

4 Al-Karkh 403 226,490 6147 16,436 1/562 37/1

5 Al-Kadhimiya 205 154,697 3583 8175 1/755 43/1

6 Al-Mahmoudiyah 243 82,736 2460 4545 1/350 34/1

7 Abu Ghraib 143 55,751 1366 2612 1/390 41/1

8 Al-Tarmiya 56 23,123 619 1128 1/413 37/1

9 Al-Madaen 159 98,782 1986 2345 1/621 50/1

Total 2291 1,312,725 31,994 66,118
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Fig. 1 Spatial distribution of the deficit and surplus in the number of primary schools by
governorates for the year 2019

(as an institution) in 2019 (see Fig. 1). On this basis, the surplus of primary schools
reached (4196) schools, andwhen looking at the reality of the governorates, it became
clear that there was a deficit found only in the governorate of Baghdad reached (256)
schools [1].

Through Fig. 1, it is evident that Baghdad governorate is the only one suffering
from a shortage in the number of schools according to this spatial distribution crite-
rion, with no consideration of other criteria such as old, unqualified, and invalid
schools. This supports what we have proposed regarding the necessity of studying
this problem that the city of Baghdad suffers from and finding a successful solution
to it.

Calculate Spatial Need for Schools. In this part, we calculate the number of
primary schools according to the need of each district in the governorate of Baghdad.
The equation that was extracted through the spatial need criterion for primary schools
depending on the population, which is a local standard approved by the Ministry of
Planning in Iraq and as shown in Table 3.

SR = (P/2500) (1)

SR: Schools required according to the local need criterion for primary schools.
P: City population.

SPS = CS− SR (2)

SPS: Shortage in primary schools according to the spatial need criterion.
CS: Current elementary schools.
SR: Schools required according to the local need criterion for primary schools.
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Table 3 Shortage in primary schools according to the spatial need criterion

The city name Population
estimates
for the year
20,018

Required
schools
criterion
(1/2500)

Percentage
allocated to
schools by
population

Current
elementary
schools

Shortage
in
primary
schools

Degree of
development

Rusafa 1,884,250 754 22 357 −397 47

Al-Adhamiya 1,253,379 501 15 382 −119 76

Al-Sadr (1 + 2) 1,261,934 505 15 343 −162 68

Al-Karkh 1,659,540 664 20 403 −261 61

Al-Kadhimiya 938,684 375 11 205 −170 55

Al-Mahmoudiyah 514,327 206 6 243 37 118

Abu Ghraib 341,126 136 4 143 7 105

Al-Tarmiya 154,537 62 2 56 −6 91

Al-Madaen 486,484 195 6 159 −36 82

Total 8,494,261 3398 100 2291 −1107

PSP = (POC/PT)× 100 (3)

PSP: Percentage allocated to schools by population percentage.
POC: Population by the district.
PT: The total population of the city.

DOD = (CS/SR)× 100 (4)

DOD: Degree of development.
Table 3 shows the reality of spatial development with regard to primary schools

and the shortage of school buildings in the districts of Baghdad governorate. It also
appears that the district of Mahmoudabad and Abu Ghraib does not suffer from a
shortage of buildings, but on the contrary, there is a surplus in it equal to (37 and 7)
respectively. The largest need is in the Rusafa district and the least in the Tarmiyah
district.

5 Calculate Priority in the Distribution of Primary School
Projects

The sums allocated for the reconstruction and development of projects for the Iraqi
regions and governorates are distributed as follows [11]:

(a) According to the population of each governorate, and after it according to the
population of each district.

(b) According to the percentage of deprivation.
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Table 4 The order of priorities according to the percentage of the population and the result of the
distribution of projects according to the proportion of the population

The city name Population
estimates for the
year 20,018

Percentage
allocated to
schools by
population

priority Distribution of
new schools by
population

RDP

Rusafa 1,884,250 22 1 246 −151

Al-Adhamiya 1,253,379 15 3 163 44

Al-Sadr (1 + 2) 1,261,934 15 3 166 4

Al-Karkh 1,659,540 20 2 216 −45

Al-Kadhimiya 938,684 11 4 122 −48

Al-Mahmoudiyah 514,327 6 5 67 104

Abu Ghraib 341,126 4 6 44 51

Al-Tarmiya 154,537 2 7 20 14

Al-Madaen 486,484 6 5 63 27

Total 8,494,261 100 – – –

PriorityAccording to the Population.The districts are arranged according to the
percentage of the population from most to the least and arrange in a sequence from
1 to 10. Then we will determine the relative importance of each district according to
the population and as shown in Table 4.

RDP = SPS+ NSP (5)

RDP: The result of the distribution according to the proportions of the population.
SPS: Shortage in primary schools according to the spatial need criterion.
NSP: Distribution of new schools by population.
It has been assumed that there is a possibility of establishing 1107 new schools,

which is the total value of the deficiency in primary schools in Baghdad, according
to the spatial development criterion, at the rate of one school for every 2500 people.
Then the new schools were distributed to the districts according to the population
percentages. The result shown in Table 4, RDP indicated that the need for all districts
was not covered. On the contrary, the results indicated an unfair distribution. Three
districts suffered from a lack of schools compared to six districts that witnessed a
surplus in the number of schools. This does not comply with the principles of social
justice and the principles of rational management of resources. From the above, and
because the criterion for distributing resources according to the proportions of the
population does not provide a fair distribution of resources and does not achieve the
required development and social justice. Another option that is more realistic and
logical will be studied and will work to use the standard of spatial development in
the distribution, as follows.

Extract Relative Weight of The Districts According to the Spatial Develop-
ment Criterion. Since the distribution of resources according to the proportions of
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the population did not achieve social justice and did not close the development gap
for all regions in Baghdad governorate, there is no choice but to use the distribu-
tion according to the spatial criterion for development, which achieves justice in the
distribution and optimal use of resources. Since the system adopted in Iraq is mainly
dependent on the proportions of the population in the distribution of resources and it
did not indicate how to calculate deprivation as a factor for the distribution with the
factor of population.We extracted a relative weight by extracting the rate between the
percentage of the population and the spatial development standard, where each factor
is given a rate of 50% as shown in Table 5 that can be adopted as a medium standard,
as well as taking into account the population growth of the large districts. In addition,
the last field refers to determining priorities in the districts when distributing projects
for schools according to the relative average of the two criteria (Fig. 2).

Negative values in the “The percentage of deficiency” column according to the
spatial need indicate that the district of Mahmoudiya and Abu Ghraib has an increase
in the number of schools over the spatial standard.

Statistical Analysis of the Results.Considering that the number of schools is the
approved variable and the population is the first independent variable, and the degree
of development is the second independent variable to be tested, and by applying this
data statistically, we obtain the following results:

1. R2: Its value was 0.943, meaning that more than 94% of the total changes in
schools were able to explain the variables (population number and degree of
development).

2. The linear relationship was confirmed by an F-test using a significance level of
5%.

3. The regression coefficients are significant for a significance level of less than
10%, and the estimated parameters are consistent with the economic starting
point.

4. The index is collinearity, and through the two tests VIF and tolerance, it is clear
that the model does not suffer from the problem of linear multiplicity, because
the result of the test tolerance was 0.373, less than 1%, and the result of the VIF
was A.81, i.e., less than 100, the summary of model results are given in Table
6.

6 Conclusion

Based on the results of this study, the following conclusions can be drawn out:

• It was found through the research that the governorate of Baghdad suffers from
a severe shortage of primary schools, even though the law obliges them to be
provided to everyone equally, as it was found that reality covers 67% of the total
need.

• Baghdad governorate is the only one of the governorates of Iraq that suffers from
a shortage of primary schools according to the spatial development criterion.
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Fig. 2 Comparing the spatial development criterion with the population criterion and the average
of the two criteria

• The current reality of school buildings indicates that they are not suitable for work,
as the lowest rate for students to class (1/34).

• The adoption of the criterion of distribution for projects according to the propor-
tions of the population exacerbates the crisis and does not contribute to its
condition.

• The use of the spatial development criterion greatly contributes to solving the
equitable distribution of financial resources according to development priorities.

• The research suggested a compromise solution that can be adopted to reduce the
development gap by adopting a population and development standard rate, which
achieves a kind of balanced distribution of resources.

• Through the research, it was found that the education sector and other sectors
suffer from a great lack of data necessary to make the right decisions regarding
the management of their resources. It requires a general and detailed census, as it
constitutes the main pillar in successful planning.

• The researcher proposes to carry out future studies that include listing the reality
of the established schools, their design ages, and their validity, and linking other
developmental criteria as they represent one interactive system that must be taken
into consideration.
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Regulation of Supplier Standards in Iraq:
Through Sustainability Standards

Bariq W. Abdulmajeed and Meervat R. Altaie

Abstract The supply chains of construction projects in Iraq have a significant impact
on the quality, cost, and time of the project, and therefore the supplier is considered
of great importance in the success of the project and achieving the desired objec-
tives. According to the Ministry of Planning publications (Standard Bid Documents
Supplying of Commodities) and international standards requirements from suppliers,
it found a gap between the global needs and the available requirements. The purpose
of this research is to set a standard for suppliers to know the level of each supplier and
to propose these standards to be combined with standard bid documents supplying
commodities to fill the gap by developing it bymaking it a sustainable document. The
standards that meet the research objectives were collected and included in a question-
naire targeting the experts from various specialties related to the research topics from
academics and employees in the supplying of commodities and project departments
in the various ministries to evaluate the importance of the standards in evaluating
suppliers from a sustainable point of view. The RII (Relative Important Index) was
adopted statistically to know the importance of the standards. The essential stan-
dards became the base standards for the rating system. The research results indicated
that most economic, environmental, and social standards are important in evaluating
the suppliers, thus bringing us closer to global sustainability standards. The research
outputs were a rating system for suppliers on an economic, environmental, and social
basis.
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1 Introduction

Because of the Iraqi government’s orientations towards standards development and
increasing awareness of its importance, the supply companies found that adopting
sustainability in their system increases their competitiveness. Sustainable construc-
tion projects are affected by choice of suppliers, and that the supplier selection process
is carried out through several criteria to determine the best supplier. These standards
aim to cover environmental, social, and economic issues. The beginning of sustain-
ability was on 20March 1987 in the Brundtland Report [1] which define Sustainable
Development as: “development that meets the needs of the present without compro-
mising the ability of future generations to meet their needs” and from that point,
attention and recognition of the importance of sustainable development in construc-
tion increased, and when this development is combined with construction processes
to become “sustainable building”.

Sustainable building is a term that describes a process that begins in the planning
and design stages and continues after that. Sustainable construction is not for a period
of the life of the project but for all building parts from start to finish, including recy-
cling of these parts to reduce the environmental impact of demolition waste, where
the ecological impact is seen as a fourth goal, in addition to cost, time and quality.
Sustainability in construction is an integrated approach to the construction life cycle
from an environmental perspective, as it adds new operating procedures and environ-
mentally friendly maintenance methods. US Environmental Protection Agency [2]
has defined sustainable construction as “the practice of creating structures and using
processes that are environmentally responsible and resource-efficient throughout a
building’s life-cycle from siting to design, construction, operation, maintenance,
renovation, and deconstruction”.

Sustainable construction is defined byTheBuilding andConstructionAuthority in
Singapore [3] as: "the adoption of materials and products in buildings and construc-
tion that will consume fewer natural resources and increase the reusability of such
materials and products for the same or similar purpose." Sustainable construction
is the engine of the construction industry, which directs the construction industry
towards sustainable developmentwhile trying asmuch as possible to take into account
the environmental, social, and economic aspects [4].

2 Supply Chain

In general, the meaning of “supply chain” is about the information, materials, and
funds flow. Supply chain defines as “the network of organizations that are involved,
through upstream and downstream linkages, in the different processes and activities
that produce value in the form of products and services in the hands of the ulti-
mate customer” [5]. Simultaneously, Ganeshan and Harrison [6] defined the supply
chain as a network of facilities and distribution options that perform the functions
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of procurement of materials, the transformation of these materials into intermediate
and finished products, and distributing these finished products to customers. Lambert
et al. [7] defined the supply chain as the alignment of firms or organizations that bring
products or services to market.

And with the development, the concept of management merged with the supply
chain [8]. Define SCM as: “The management of a network of relationships within
a firm and between interdependent organizations and business units consisting of
material suppliers, purchasing, production facilities, logistics, marketing, and related
systems that facilitate the forward and reverse flow of materials, services, finances,
and information from the original producer to the final customer with the bene-
fits of adding value, maximizing profitability through efficiencies, and achieving
customer satisfaction”. While [9] defined Supply Chain Management (SCM) as “the
management of the flow of goods and services”. And when using the supply chain in
construction, where Construction Supply Chain Management (CSCM) is a special-
ized type of SCM that is designed for unique properties in the construction industry,
and the supply chain becomes more sophisticated the more specialized or complex
the building.

The SCM in construction (CSCM) is defined as “the network of facilities and
activities that provide customer and economic value to the functions of design devel-
opment, contract management, service, and material procurement, materials manu-
facture and delivery, and facilities management” [10]. It was noted that the two
most important issues in recent years for the construction sector were supply chain
management and sustainable construction; the integration of sustainability issues
in supply chain management is referred to as sustainable supply chain management
(SSCM). The SSCMdefined as the strategic, transparent integration and achievement
of an organization’s social, environmental, and economic goals in the systemic coor-
dination of key inter-organizational business processes for improving the long-term
economic performance of the individual company and its supply chains [11].

3 Construction Procurement

The state of Procurement in Construction is a complementary part of the construc-
tion project. In addition to procurement sources, it includes activities to providing
supplies, materials, construction equipment, management services, and supervision
needed to achieve project goals. After increasing environmental violators’ govern-
mental organization, it became impossible for companies to ignore the ecological
issue. Simultaneously, the supply chain was integrated into the system to increase
the interest, so it was necessary to develop the supply chain to meet the environ-
mental standards. The financial performance is positively affected by the ecological
purchase [12]. The ecological investment is defined as “Environmental purchasing
for an individual firm is the set of purchasing policies held, actions taken, and rela-
tionships formed in response to concerns associated with the natural environment.
These concerns relate to the acquisition of rawmaterials, including supplier selection,
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evaluation and development, suppliers’ operations, in-bound distribution, packaging,
recycling, reuse, resource reduction and final disposal of the firm’s products” [13].

4 Supplier Selection

Decisions are subject in the SCMstandards are always different or conflicting factors,
and that is why there is a need to change the standards for selecting suppliers from
time to time. These factors are the general critical standards that most construction
companies are looking for during materials purchasing that have a significant impact
on the problem of suppliers’ selection; it can also be said that the environmental and
social performance of suppliers is the main condition, and the suppliers are eval-
uated through these standards, after reviewing the literature, many Factors for the
Supplier Selection, [9]. Some of them are: Price, Payment Terms, Quality, Manage-
ment, Delivery date, Proper communication, Reliability, Obligation, Financial posi-
tion,Maintenance service, Test certificate, Long-term relationship, Discounts, Safety
and health considerations, Customer’s satisfaction.

Planning and production havemany aspects, themost important ofwhich is supply
chain management (SCM), and this is what was recently considered by researchers
and managers. The supply chain consists of manufacturers, producers, traders, and
distributors and consultants, contractors, and suppliers, and do not forget the role of
developers and researchers aswell, etc. Simply, these processes and return them to the
main parts that fall under product, supplier, and customer. In this sense, cooperation
with suppliers with higher performance for sustainability policies always gives the
best results with long-term benefits, for example, waste disposal, which in turn leads
to lower costs, protection and increase reputation, increased quality development,
increased flexibility to achieve customer requirements, Reduced lead times for some
supply chain operations. To know the suppliers who will enter the competition to
select the most appropriate supplier in terms of services and facilities provided to
the customer, the supplier must fulfill specific sustainable standards. The literature
outlines the supplier requirements or standards to be adhered to demonstrate the
supplier’s sustainability [14, 15]. And we will mention some of them, to name a few:

• Environmental supplier’s activities and their management system.
• Adopting an international environmental management system (EMS) such as ISO

14001.
• Continuously developing and maintaining the ecosystem.
• Government regulations and legal compliance with environmental.

However, supplier sustainability is a complex systemwith many factors, and there
was noglobal agreement among researchers on the formof supplier evaluation indica-
tors. For that, in this study, the author will suggest a set of standardswith a sustainable
perspective to determine the extent of supplier sustainability. And to add knowledge
about the environmental management system (EMS), which it is possible to meet
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the customer’s requirements, in addition to participating in environmental protec-
tion. ISO defines EMS as: “that part of the overall management system that includes
organizational structure, planning activities, responsibilities, practices, procedures,
processes, and resources for developing, implementing, achieving, reviewing and
maintaining an environmental policy”[16, 17]. If EMS is appropriately implemented
and the sustainability strategy, it will be possible to provide long-term benefits. To
achieve the organization’s goals in sustainability and EMS, supply chain design is
an important part of this process. We can say that selecting suppliers who support
the organization’s EMS policies is a basis for implementing sustainability strategies
effectively.

5 Field Survey and Statistical Analyzing

After reviewing the literature on the study subjects, the researcher extracted several
standards into a questionnaire to determine the importance of each criterion in eval-
uating suppliers to know the best suppliers who will receive the highest evaluation
score and who are qualified to compete for sustainable projects. The questionnaire
aims to determine each criterion’s importance in evaluating suppliers to know the
best suppliers who will receive the highest evaluation score and who are qualified to
compete for sustainable projects and regular projects to be more sustainable.

The questionnaire was distributed to (162) experts and specialists in research
topicswho have scientific and practical experience in this field, and only (79) answers
were collected. After collecting the data, it was analyzed statistically using the SPSS
program and Excel. The RII (Relative Important Index) was adopted statistically
to know the importance of the standards. [18] The results will be used in selecting
essential standards in designing a list of standards for evaluating suppliers. For this
purpose, the researcher used a five-point Likert scale. Results are presented in graph-
ical form to increase clarity. As mentioned earlier, the questionnaire was divided into
major axes. The results were as follows:

The First Axis. This axis deals with personal information such as:

Academic Achievement. After reviewing 79 questionnaires, it was found that the
respondents’ academic achievement was: one person holding a diploma, 44 people
holding a bachelor’s degree, 27 people holding anM.Sc. degree, and 7 people having
a Ph.D.

Specialization. It was found that there is 1 Business Administration, 10 Project
Management, 1 Electronic and Communications, 7 Building and Construction, 2
Environmental, 3 Computers, 1 Control and Systems, 1 Electronic, 2 Chemistry, 40
Civil, 1 Survey, 2 Architecture, 1 Material, 2 Water Resources, 5 Mechanics.

Age. It was found that there is: 26 persons between (20–29) years old, 31 persons
between (30–39) years old, 18 persons between (40–49) years old, 3 persons between
(50–59) years old, 1 person between (60–69) years old.
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Fig. 1 Spider chart of knowledge about basic research topics

Years of Experience: It was found that there is: 44 persons have between (0–9) years,
27 persons have between (10–19) years, 6 persons have between (20–29) years, 2
persons have between (30–39) years.

The Second Axis. Knowledge about basic research topics. This axis aims to assess
respondents’ experience of project management, sustainable development, and stan-
dard bidding documents for Iraq’s commodity supply. The results were as shown in
Fig. 1.

The Third Axis-Economic Standards. This axis consists of four parts, and the data
will be analyzed; and the arithmetic mean, standard deviation, RII, and the weight
of criterion will be extracted to know the level of classification for each criterion in
these parts. This part aims to know the extent of the importance of the mentioned
standards in evaluating the supplier in terms of cost, quality, delivery and services,
and flexibility. From the 21 economic criteria that were tested, the criteria that give
very high importance were chosen. The results are shown in Table 1.

The Fourth Axis-Environmental Standards. This axis consists of four parts, and
the data will be analyzed; and the arithmetic mean, standard deviation, RII, and
the weight of criterion will be extracted to know the level of classification for each
criterion in these parts. This part aims to know the extent of the importance of the
mentioned standards in evaluating the supplier in terms of environmental manage-
ment, quality of available materials, green products, and green image. From the 29
environmental criteria that were tested, the criteria that give very high importance
were chosen. The results are as shown in Table 2.

The Fifth Axis-Social Standards. This axis consists of four parts, and the data will
be analyzed; and the arithmetic mean, standard deviation, RII, and the weight of
criterion will be extracted to know the level of classification for each criterion in
these parts. This part aims to know the extent of the importance of the mentioned
standards in evaluating the supplier in terms of work ethics. From the 12 social
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Table 1 Economic standards

MS Axis SS Details RII (%) Weight (%)

EC Economical standards

EC1 Cost EC1.1 Disposal cost 87.85 2.77

EC1.2 Material/Product cost 87.34 2.75

EC1.3 Freight cost 86.58 2.73

EC1.4 Transportation cost 85.57 2.69

EC1.5 Cost reduction activities 85.06 2.68

EC1.6 After-sales service cost 84.81 2.67

EC1.7 custom duties 84.05 2.65

EC2 Quality EC2.1 Rejection rate of the product 87.59 2.76

EC2.2 Technology capability 86.33 2.72

EC3 Delivery and services EC3.1 Time to solve the complaint 85.32 2.69

EC4 Flexibility E4.1 Flexibility in discount 88.86 2.80

E4.2 Increase of supply flexibility 84.24 2.65

criteria that were tested, the criteria that give very high importance were chosen. The
results are shown in Table 3.

6 Economic, Environment, and Social Rating System (EES)

To achieve the best evaluation of suppliers from an economic, environmental, and
social point of view to ensure the contenders’ suppliers for the suppling of sustainable
projects, having the highest evaluations, and determining the importance weight
of the rating standards system. The EES rating system (economic, environmental,
and social rating system) aims to evaluate suppliers from an economic, social, and
ecological point of view in order to achieve the requirements of sustainability through
several economic, environmental, and social standards that have a significant positive
impact on society and the surrounding environment. The EES rating system was
designed by using several economic, environmental, and social standards after it was
classified as very important by experts and the field survey sample. The EES rating
system included three axes:

The first axis is about the economic standards, which included 4 sections which
include 7 standards in terms of cost, 2 standards in terms of quality, 1 standard in
terms of delivery and services, 2 standards in terms of flexibility. The second axis
is about the environmental standards, which included 4 sections which include 5
standards in terms of environmental management, 1 standard in terms of the quality
of materials, 5 standards in terms of green products, 3 standards in terms of the green
image provided by the supplier. The third axis is the social standards which included
10 standards in terms of work ethics.
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Table 2 Environmental standards

MS Axis SS Details RII (%) Weight (%)

EN Environmental standards

EN1 Environmental management
followed by the supplier

EN1.1 Supplier owning an
environmental management
system (ISO 14001, etc.)

88.35 2.78

EN1.2 Supplier owning a quality
management system (ISO
9001, etc. …)

89.87 2.83

EN1.3 Supplier commitment to
periodic environmental
auditing

88.10 2.77

EN1.4 Supplier owning
management of hazardous
air emissions and
hazardous waste

90.63 2.85

EN1.5 Supplier owning an
environmentally friendly
technology

84.30 2.65

EN2 The supplier’s available
materials type

EN2.1 The supplier does not have
material from the EPA 17
List of hazardous chemicals

84.05 2.65

EN3 The supplier’s green
products

EN3.1 Product designed to protect
the environment

92.15 2.90

EN3.2 Product produced in ways
that protect the
environment

91.65 2.88

EN3.3 Use of environmentally
friendly raw materials in
the industry

90.89 2.86

EN3.4 Recyclability of products 90.13 2.84

EN3.5 Environmental labeling of
products

84.81 2.67

EN4 Green image provided by
the supplier

EN4.1 Staff training on
environmental practices for
green awareness

89.87 2.83

EN4.2 The supplier controls a
product storage life that
does not exceed 10% of the
product’s total life

86.33 2.72

EN4.3 The supplier undertakes
activities to stimulate
customers to consume
green products

84.05 2.65
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Table 3 Social standards

MS Axis SS Details RII
(%)

Weight
(%)

S Social standards

S1 Work ethics of the supplier S1.1 Take into account health and
safety practices (ISO 45001)

94.68 2.98

S1.2 The supplier’s refuse to
employ children

93.42 2.94

S1.3 abstention the supplier about
denial of financial rights and
others

92.66 2.92

S1.4 The necessity of having a
contract and a work permit

92.41 2.91

S1.5 The supplier uses local
materials and encourages them

90.89 2.86

S1.6 Suitable working hours 90.632 2.85

S1.7 Health insurance for
employees/workers

89.62 2.82

S1.8 Abstention the supplier About
Discrimination between
Employees/workers

89.37 2.81

S1.9 Recruiting local stuff 88.86 2.80

S1.10 Providing suitable food and
drink for employees/workers

85.82 2.70

Final sum 3177.14 100

7 Results and Conclusions

The results appear in the form of a checklist with a cumulative rate of 100%, after
many environmental, economic, and social criteria were tested and the final criteria
of high importance were reached in determining the best suppliers for sustainable
projects. Suppliers will be identified, and their sustainable level is defined by submit-
ting to this list to indicate the extent of conformity between the supplier’s information
and the standards in the system to show the supplier’s result as a degree of 100%
and on this basis the competition between suppliers takes place by taking the best
suppliers who have achieved the highest scores.

Through reviewing the literature and studying the standard bid documents
supplying commodities, we concluded some significant issues:

(1) The construction industry suffers from a lack of studies in supply chain and
supplier selection in general and sustainable suppliers in particular.

(2) The construction supply chain management and supplier’s selection are essen-
tial, so the wrong choice of supplier or lack of experience will lead to the
following:
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• Lower value building.
• Harmful effects on the environment and society.
• Higher cost to complete the work.
• The workplace is full in a way that affects the progress of work.

(3) Some people are trying to go towards sustainability, but they are not finding
support from managers and the government.

(4) There are no binding legislation and laws for sustainable development in Iraq.
(5) There is a need to organize random efforts and direct them towards sustainable

development.

References

1. Keeble, B. R. (1988). The brundtland report: ‘our common future’. Medicine and war, 4(1),
17–25.

2. US EPA. (2016). Basic information-green building. US EPA. Available at: https://archive.epa.
gov/greenbuilding/web/html/about.html. Accessed: 19 June 2020.

3. Chew, K. C. (2010). Singapore’s strategies towards sustainable construction. The IES Journal
Part A: Civil &amp; Structural Engineering, 3(3), 196–202.

4. Shafii, F., Arman Ali, Z., & Othman, M.Z. (2006). Achieving sustainable construction in
the developing countries of Southeast Asia. In Proceedings of the 6th Asia-Pacific Structural
Engineering and Construction Conference.

5. Christopher, M. (1994). Logistics and supply chain management: Strategies for reducing costs
and improving services. Journal of the Operational Research Society, 45(11), 1341.

6. Ganeshan, R., & Harrison, T. P. (1995). An introduction to supply chain management.
7. Lambert, D. M., Cooper, M. C., & Pagh, J. D. (1998). Supply chain management: Implemen-

tation issues and research opportunities. The international journal of logistics management,
9(2), 1–20.

8. Stock, J. R., & Boyer, S. L. (2009). Developing a consensus definition of supply chain
management: a qualitative study. International Journal of Physical Distribution and Logistics
Management.

9. Krishnakumar, S., & Kuriakose, L. T. (2016). Supply chain management in construction
industry. International Journal of Scientific Engineering and Research (IJSER). ISSN (Online),
pp.2347–3878.

10. Love, P. E., Irani, Z., Cheng, E., & Li, H. (2002). A model for supporting inter-organizational
relations in the supply chain. Engineering, Construction and Architectural Management.

11. Carter, C. R., & Rogers, D. S. (2008). A framework of sustainable supply chain manage-
ment: Moving toward new theory. International Journal of Physical Distribution & Logistics
Management.

12. Carter, C. R., Kale, R., & Grimm, C. M. (2000). Environmental purchasing and firm
performance: An empirical investigation. Transportation Research Part E: Logistics and
Transportation Review, 36(3), 219–228.

13. Zsidisin, G. A., & Siferd, S. P. (2001). Environmental purchasing: A framework for theory
development. European Journal of Purchasing &amp; Supply Management, 7(1), 61–73.

14. Eltayeb, T. K. (2009). Adoption of green supply chain initiatives by ISO 14001 certified manu-
facturing firms in Malaysia: Key drivers, outcomes, and moderating effect of relationship
orientation. Universiti Sains Malaysia.

15. Hamner, B. (2006). Effects of green purchasing strategies on supplier behaviour. In Greening
the supply chain (pp. 25–37). Springer.

https://archive.epa.gov/greenbuilding/web/html/about.html


Regulation of Supplier Standards in Iraq … 725

16. Darnall, N. (2006). Why firms mandate ISO 14001 certification. Business &amp; Society,
45(3), 354–381.

17. Darnall, N., Jolley, G. J., & Handfield, R. (2008). Environmental management systems and
green supply chain management: Complements for sustainability? Business strategy and the
environment, 17(1), 30–45.

18. Obead, K. R., & Wali, M. R. (2020). Developing systems engineering for sustainable infras-
tructure projects. In IOP conference series: Materials science and engineering (Vol. 901, No.
1, p. 012026). IOP Publishing.



Assessment of Standard Request
for Proposal for the Selection
of Consultants in Iraq

Noor A. Ramadhan and Sawsan R. Mohammed

Abstract Professional services are required in the construction projects starting
from the pre-preparation stage reaching to project’s operation. Thus, the consultant
directly influences the project development and success. In Iraq, theMinistry of Plan-
ning has recently issued the standard request for a proposal for consultancy service
(SRPFCS) as one of the sectorial bidding documents. The mentioned document
aims to improve the consultant’s selection procedures to select qualified profes-
sionals. This study is concerned with evaluating the impact of SRPFCS on Iraqi
construction projects, estimating the level of experiences of the contractual entities
and consultancy offices in bidding procedures, determining whether the SRPFCS are
correctly implemented or not. The study was conducted using questionnaire surveys
in which 130 questionnaires were distributed to participants who work in contractual
entities and engineering consultancy offices in both public and private sectors. The
results showed that the document positively affected the Iraqi construction project
and referred that both public and private sectors don’t have sufficient experience to
properly implement SRPFCS. The results also identified that the participation of the
private consultants’ offices is very low in governmental biddings.

Keywords Standard request for proposal · Selection of consultants · Iraqi
construction projects · Engineering consultancy offices · Impacts · Obstacles ·
Bidding

1 Introduction

A consultant is a specialist or an expert in a particular field and has professional
information on the topic matter. The consultant usually works for a specific consul-
tancy firm or is independently employed, and deals with different kinds of customers.
Consequently, customers can get further degrees of help and advice that could be
attainable for them to hold from in-house consultants and may buy just additional
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assistance from the external adviser as needed [1]. The engineer (consultant) is the
owner’s agent who makes sure that the project is executed correctly with technical
specifications and design standards and with the scheduled time and budget, offering
effective value management to the project owner [2]. The construction consultancy
service in the project can be described as a value creation activity. ‘Value’ can be
conceptualized as where a consultant uses better technology, combines resources
more efficiently, or aids the client to pay a lower price such that the project meets
present needs without losing its ability to meet future needs [3]. The selecting of
a consultant for a construction project is rather complicated. Due to the intangible
nature of the provided services, the client doesn’t have enough knowledge to conduct
the selection process properly [4].

In Iraq, the sectorial and non-sectorial Standard Bidding Documents (SBDs) was
issued by the Iraqi ministry of planning in cooperation with the World Bank. It
was one of the many procedures that the Iraqi government took to improve the
Public Procurement System, the SBDs has entered into the mandatory implementa-
tion since July 2016. The SRPFCS pursues to achieve transparency and fair compe-
tition in consultant selection to get high-quality service for the construction projects.
It depends on the quality as the main criteria to select a qualified consultant. Three
methods of consultant selection are included in the Iraqi SRPFCS: (1) selection based
on quality and cost, (2) least-cost selection, (3) selection under a fixed budget. All
selection methods require that the consultant’s qualifications pass the degree of tech-
nical evaluation, which shouldn’t be less than 60% of the total proposal evaluation,
to be financially evaluated [5].

The research aimed to specify the percentage of SRPFCS application in Iraqi
construction projects, identify whether the document has been appropriately imple-
mented or not, measure the level of experience in both public and private sector,
analyze if Iraqi bidding and contracting legislations need to be modified to fit
the reality of contracting, and measure the impact of the SRPFCS on the Iraqi
construction projects.

2 Roles of Consultant Engineer During the Construction
Project

In general, the project life cycle starts from the initiation stage of the project and
through fulfilling its objectives- which are called the closure or project delivery.
Many activities concerning the project’s concept may occur in the period preceding
the project’s formal inception. After project fulfillment, additional activities occur
relating to project delivery [6]. The consultant has multiple roles andmissions during
the construction project life cycle. Also, the consultant undertakes his responsibilities
from the project’s initiation stage to its completion. Hiring the consultant at the
beginning of the construction project is extremely useful for the client. A consultant
may even be involved in the pre-plan stage to help the owner with different aspects
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such as project cost estimate and control, site determination, ecological studies, and
his part to coordinate the relationships of stakeholders, project team, and other parties
concerning the project.

During the design stage itself, the consultant decides how the project is feasible
from a technical, strategic, and monetary perspective. He plans the project concept
and looks for the client endorsement for it; also he seeks to obtain the permissions for
the design development[7]. FIDIC [8] defined professional service by a Consulting
Engineer to a Client for a project in five main stages: (1) project analysis and report,
(2) creates the project full designs and specifications and bidding preparation, (3)
managing the contract, (4) supervision and advice service during project execution,
(5) examines and accepts the achieved work, start to operate the project, check and
close the final account.

3 Impact of Consultant Performance on Construction
Project Success

Cost is one of the essential construction project parameters that the consultant can
directly affect. The project budget overrun can occur due to several factors: lack of
planning and coordination, change in plans and drawings, insufficient geotechnical
investigation, additional cost due to variation works, and lack control on exces-
sive change orders [9]. Delays are a significant issue in project development and
success. The project architect, designer, and consultant should be fully realized the
project requirements to translate them correctly into drawings and specifications.
The project’s cost analysis ensures that the project will be delivered within time. Five
causes of delay linked to consultant were specified in establishing the public sector’s
university in the newly merged KP district. Pakistan, which is: (1) slow decision
effects, (2) consultant supervisory staff size, (3) frequent changes in design docu-
ments, (4) relevant past experiences in the complex projects, and (5) inexperienced
personnel in the consultant’s team [10].

The design manager and resident engineer should ensure that their teams apply
the design processes and implement techniques properly during the project design
and construction phases. The contractual, technical and financial experiences should
be considered when selecting the resident engineer. The design manager should have
the ability to conduct successful collaborations and coordination between the design
team during the design phase and identify the design deficiencies to improve the
design and construction [11]. The group of the design was ranked as the first group,
which caused a delay in Indian construction projects. The consultant group was
ranked as the fourth group. The construction delay caused by consultants in India
has been stated as: an improper study of design affects estimated quality, incompetent
project manager/teams, insufficient inspectors [12].

The consultant should avoid any delay during design documents’ reviewing and
approval, which can delay the progress of the project work. Also, the consultant
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should have the flexibility in evaluating the contractor works considering the compar-
ison between the cost and the quality; A/E should focus on producing design docu-
ments and scheduling themwithin time. From the contractor’s perspective, the causes
of delay in Saudi Arabia’s construction project linked to consultants were: Delays in
producing design documents, late in reviewing and approving [13]. In Iraq, factors
caused by a consultant that led to inaccurate executed work and delay in the construc-
tion projects are stated as: The routine official procedures in the contractual entities’
communicationwith the consultant, the lack of drawings and design documents accu-
racy, and the consultative team (designers and supervisors) does not commit itself in
the continuous supervising for the work and workers [14].

4 Importance of Selection the Proper Consultant
for the Project

The proper selection of consultants will have a significant bearing on the project
performance, overall project cost, and success and hence on the whole completed
project value, including the effect on public safety and economy associated with
physical infrastructure and superstructure projects. The selection of the right consul-
tant for each particular project is of paramount importance. Project Consultancy
Services cost, including design, is usually about 1–2% of the total cost of the project
life cycle to save a small percentage (from the consultant’s fee), perhaps 1% or less
of the project cost is not worthwhile considering the potential risks, the client should
realize the importance of Consultant selection on the project quality. The project
operation, maintenance costs, and sustainability are identified as main factors in
assessing project performance success in the long term. The impact of Consultants
is critically significant in evaluating the quality of these factors [15]. The results of
incompetent consultant can lead to:

1. Low quality in project design documents,
2. Low-quality in bid documents with many gaps, especially at the design stage,
3. Exceeding the budget allocated for the construction project, all these results

may lead to bad budget estimation by the consultant [16].

5 SBDs for Consultancy Service (SRPFCS)

Many criteria affect the standard bidding document in the construction procurement
system that can be identified as experience, legal framework, financial position, staff,
contract provision not implemented, equipment, eligibility, technology [17]. Before
the obligatory implementation of the standard bidding documents, the selection of
consultants for the Iraqi investment project was conducted in two ways [16]:
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Table 1 Criteria used in SRPFCS [18]

Main criteria Wight

1—Financial offer 40–20% of total

2—Technical criteria 60–80% of total

2.1—Specific experience of the consultant relevant to the task 0–10% of technical

2.2—Adequacy and quality of the proposed methodology, and work plan
in responding to the terms of reference

20–50% of technical

2.3—Key experts’ qualifications and competence for the task 30–60% of technical

2.4—Suitability of the transfer of knowledge program 0–10% of technical

2.5—Participation by local consultants among key experts 0–10% of technical

• With local consultants according to a contract prepared by the Iraqi engineer’s
unions called the architectural engineering contract.

• With international consultants using (FIDIC contracts for client and consultant
model agreement).

In general, the process of selecting consultants goes through several stages, which
are [15]:

• preparatory steps: including project cost estimation, identify the method of
selection and contract type, terms of references.

• Announcement and pre-qualification (long-listing).
• Short-listing.
• Request for proposals (RFP).
• Receipt and opening of proposals.
• Evaluation of proposals.
• Selection of the consultant and negotiations.

Table 1 shows criteria used in Iraqi construction projects to select consultants
according to SRPFCS.

6 Methodology

The following points can summarize the methodology used in this study:

1. Theoretical method: a literature review of books, papers, and theses to outline
the work.

2. Study field: preliminary interviews with 14 experts of contracting and engi-
neer consultants to outline the factors that affect SRPFCS implementation, then
questionnaire was then conducted to 130 respondents in both the public and
private sectors.
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3. Analyzing and tabulating the answers to determine the mean, percentages, and
Relative importance index of SRPFCS application’s obstacles and its impact on
the construction project.

4. Conclusions and recommendations were suggested according to the study
results.

7 Questionnaire

(107) questionnaires were collected out of (130) questionnaires were distributed. The
targeted societies in the questionnaire were:

1. Contractual entities/public sector.
2. Engineering consultancy offices/public sector.
3. Engineering consultancy offices/private sector.

The questionnaire was distributed in the following places, Table 2.
Questionnaire Description. The researcher conducted 5- Points Likert Scale

questionnaire, which was classified into the following sections:

1. General information section: The participant’s information including age, place
of work, years of experience, position, and contact information.

2. Experience section: Focus on participant’s general experience in Iraqi contract
legislations and consultant selection process.

Table 2 Questionnaire distribution

No Target Distributed Collected

1 Ministry of construction and Housing (contracting department) 12 12

2 Ministry of planning (contracting directorate) 10 6

3 Ministry of transportation (contracting department, planning
department)

10 8

4 Ministry of water resources (contracting department, General
Authority for Dams and Reservoirs)

3 2

5 General secretariat for the council of ministers (contacting and
procurements department(

3 3

6 Baghdad municipality)contracting department) 6 3

7 Mosul province (legal, contracting, and planning department) 14 14

8 Kurdistan provinces 19 19

10 University of Baghdad/engineering consultancy office 8 3

11 University of Nahrain/engineering consultancy office 1 1

12 The National Center for Engineering Consultancy (MOCH) 13 13

13 Iraqi Engineers Union/engineering consultancy office 9 4

14 Engineering consultancy offices/private sector 23 19
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3. Applicability section: Evaluate the document implementation percentage and
its obstacles in the targeted society.

4. Impact section: Specify the impact of implementing the SRPFCS on Iraqi
construction projects.

Questionnaire analysis. The arithmetic means for answers calculated by Eq. 1
[14]

Mean = Total number of iterations in the effect × number of effects

Size of sample
(1)

Equation 2 used to determine the relative importance of the document implemen-
tation impact [19].

RII = 5(n5) + 4(n4) + 3(n3) + 2(n2) + n15n

5N
∗100 (2)

where N denotes the overall number of responses received, n1, n2, n3, n4, and
n5 state the respondent’s number who selected 5, representing “very important” or
“strongly agree”; 4, representing “fairly important” or “agree”; 3, meaning “moder-
ately important “or “neither agree nor disagree”; respectively 2, representing “slightly
important” or “disagree”; and 1, representing “not important” or “strongly disagree”.
The coefficient of skewness (∝) equation was used to measure the distribution of the
experience answers. A positive skew indicates themost data distributed into the right,
while a negative skew indicates the most data distributed in the left, the skewness
coefficient calculated by using Eq. 2 [20].

∝= 3(Mean − Median)

Standard deviation
(3)

The questionnaire’s internal validity was measured by calculating the Pearson
correlation coefficient between each paragraph score with the section’s total score.
Pearson correlation of the first questionnaire sections ranged between (0.689–0.899)
with statistical significance at level 0.01. The second section correlation coefficients
ranged between (0.334–0.851) with statistical significance at level 0.01. The third
section coefficients were between (0.44–0.831) with statistical significance at level
0.01. The Pearson correlation Coefficients of the last section were between (0.75–
0.87) with statistical significance at level 0.01. The above results refer that all of the
questionnaire sections achieved high internal validity. The total score of Cronbach’s
alpha value after the questionnaire was distributed was (0.895) which means the
questionnaire completed a high degree of reliability, as shown in Table 3.
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Table 3 Range of reliability
and its coefficient for
Cronbach’s alpha

Reliability statistics

Section Cranach’s alpha No. of items Degree

Experience 0.959 14 Excellent

Implementation 0.793 5 Acceptable

Impact 0.911 8 Excellent

Total 0.895 46 Good

8 Results and Discussion

The results analysis, as detailed below, showed medium degrees of arithmetic mean
in the level of experience, 47.6% of the respondents had implemented SRPFCS,
only 29.6% of them had received outsourced assistance, the application of SRPFCS
improved the construction project by enhancing seven factors that were ranked
according to its RII.

Level of Experience. Table 4 shows differences between the arithmetic means
regarding the experience in contracting and consultant selection’s process according
to the place of work. The experience in the public sector engineering consultancy
offices was higher than the private sector’s offices. The ability of public sector offices
to compete with lower prices led the contractual entities to prefer to contract with
them. This led to the decrease of the private sector’s participation in the governmental
biddings, causing the low experience of the private sector’s engineering consultancy
offices, especially in governmental contracting legislations and SRPFCS.

Despite the experience’s arithmetic means ranged between medium to high, The
coefficients of skewness refer that there are numbers of participants who don’t have
sufficient experience in contractual legislations’ and SRPFCS as shown in Table 5.

Table 4 Results of the respondent’s level of experience

Place of work N Mean Std. Deviation N% of total (%)

Total general experience

Contractual entities 67 3.2761 0.75017 62.6

Engineering consultancies/public sector 17 3.5196 0.74041 15.9

Engineering consultancies/private sector 23 2.5072 1.13315 21.5

Total 107 3.1495 0.90623 100

Experience in consultant selection’s procedures

Contractual entities 67 3.52 0.87651 62.6

Engineering consultancies/public sector 17 3.83 0.70816 15.9

Engineering consultancies /private sector 23 2.51 1.20799 21.5

Total 107 3.3551 1.03166 100
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Table 5 Coefficients of skewness

No Paragraphs Skewness

General experience

1 Governmental contracting legislations −0.765

2 Sectorial SBDs −0.610

3 Non -sectorial SBS 0.072

4 Non-governmental consulting services office’s
legislations and the attached instructions (2000)

0.085

5 Legislation and instructions of the scientific and
consulting services offices in the institutions of the
Ministry of Higher Education (1997)

0.344

6 Engineering consultancy services office registration
process

0.027

Experience in consultant selection’s procedures

7 Standard bidding documents for consultancy services −0.428

8 Terms of Reference (TOR) −0.278

9 Method of consultant selection −0.358

10 Consultancy services contract type −0.303

11 Letter of interesting −0.218

12 Short list −0.284

13 Technical and financial proposals −0.211

14 Evaluation report of selecting advisors −0.150

SRPFCS Implementation’s Percentage and Obstacles. Figure 1 shows that the
implementation of SRPFCS is less than 50% in the targeted society as the contrac-
tual entities were preferring using direct contracting with consultants, besides the
successive economic crises in Iraq, which have led to a lack of financial allocation
for investment projects and thus a lack of financial allocation for the consulting
studies of the projects.

Fig. 1 Implementation
percentage
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Figure 2 shows the percentage of outsourced assistance while handling the stan-
dard bidding documents, which was 29.63% of all bodies that implemented the
documents. The low percentage of assistance outsourcing with a low level of experi-
ence led to the improper implementation of consultancy service bidding documents
in many construction projects.

The results also refer that governmental contracting instructions need to be modi-
fied to suit the application of SRPFCS. Also, they refer that the contractual entities
and engineering consultancy offices need to be trained to implement the SRPFCS,
as shown in Table 6.

Impact SRPFCS on Iraqi Construction Projects. The analysis of the question-
naire impact section refers that the implementation of SRPFCS has a positive effect
on Iraqi construction project success, and there is a relation between the percentage
of SRPFCS application and construction project performance improvement. The RII
of impacts is ranked in Table 7.

Fig. 2 Percentage of outsourcing assistance

Table 6 Implementing obstacles

No Paragraph Mean Degree Std. Deviation

1 The consultants’ proposals were evaluated by
specialized committee

4.06 Agree 0.728

2 Your entity staff need for training on how to
deal with SRPFCS

4.11 Agree 0.793

3 Suitability of current contratual legislation 3.21 Intermediate 0.824

4 Evaluation criteria are clearly embedded in the
instruction to bidder

3.78 Agree 0.756

5 Improvement rate when use SRPFCS 3.69 Agree 0.809
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Table 7 The impact of SRPFCS on Iraqi construction projects

Rank Impact RII

1 Developing the local consultants 0.814

2 Fair competition 0.812

3 Encourages international consultants to participate in the bidding competition 0.806

4 Increase the transparency of selection 0.802

5 Reduce complain and appeals between project parties 0.79

6 Select qualified consultant and increases the quality of service 0.784

7 Reduce delay in the execution of the project 0.774

9 Conclusions

The research aimed to assess the application of SRPFCS and its impacts on Iraqi
construction projects. A questionnaire of 5-Points Likert Scale was conducted. The
questionnaire targeted the contractual entities of the public sector and the engineering
consultancy offices of both the public and private sectors. The results showed the
following:

• Low level of experience and incorrect implementation process, the contrac-
tual entities and engineering consultancy offices should be trained on SRPFCS
implementation.

• The are differences between the governmental contracts implementation instruc-
tions’ document and the SRPFCS regarding bidding and contracting conditions.
The differences led to creating confusion for the contractual entities when dealing
with SRPFCS. The instructions must be unified to avoid this confusion.

• The weak participation of private sector offices in governmental biddings due to
the preference of public sector offices over them and the absence of instructions
that regulate the engineering consultancy work led to a decrease in the level of
private sector’s engineering experience consultancy offices and its deterioration.

• The application of SRPFCS by the contractual entities needs the supervision of
the competent authorities represented by the Governmental Contracts Department
of the Ministry of Planning to ensure the correct implementation.

• The implementation of SRPFCS affects the development of the private sector’s
engineering consultancy offices by providing fair opportunities for competition
and encouraging the participation of international consultants in Iraqi construction
projects.

• The SRPFCS gives the technical and quality criteria the most significant
percentage in the consultant’s evaluation process, which ensures the selection
of qualified consultants for the construction projects.
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An Optimization Model to Estimate
the Construction Costs of Highways
Projects: Al-Rihab Highway as a Case
Study

Abbas M. Burhan

Abstract Highways projects are one of the infrastructure projects with high
construction costs. The decision-making process to implement such projects is one
of the most important challenges that may face the relevant authorities. This study’s
main objective is to develop an optimization model by using linear programming to
estimate the construction cost of a highway.Thismodelmay contribute by helpingAl-
Muthanna Governorate Board (MGB)/Projects division for decision-making related
to selecting an optimum choice for implementing Al-Rihab Highway’s project in
Iraq. Historical data related to the cost of materials were collected from the nearest
four suppliers to the job site, and many considerations had been taken to build the
mathematical model. LINGO 13.0 Optimization Modeling Software was used to
solve the developed model and predicting the total cost of highway materials which
was 22.73 million dollars.

Keywords Construction costs · Highway · Optimization · Linear programming

1 Introduction

In the construction industry, inefficiency is one reasonwhy projects are not completed
on time [1]. The success of the project is evaluated according to the extent to which
the budget, time, and quality of work match the owner’s expectations. Accurate cost
estimation in the preliminary stage of a project is essential for decision-makers to
control the overall project [2]. In addition, the importance of early estimation from
the viewpoint of owners and related project teams cannot be over-emphasized [3].
Moreover, Ma et al. [4] stated that construction cost estimation, which is normally
labor-intensive and error-prone, is one of the most important works concerned by
multi-participants during a project’s life cycle. Previous studies have shown that the
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combination of predictive analytics and historical data can reduce upswing cost esti-
mation in constructionprojects.However, there is a challenge in accurately estimating
projects’ cost at the conceptual phase [5].

Forecasting cost is one of the main elements of decision-making in highway
construction projects [6]. Estimators or those responsible for budgeting need tech-
niques to assist them in forecasting costs [7]. Every project has a minimum monthly
requirement for different types of materials. These requirements affect the project’s
progress [8]. Inadequate control and planning for the materials procurement are
reported to be one of the main factors affecting cost and duration overruns of road
construction projects [9]. Based on the bill of quantity for each project and the
schedule of activities, these monthly requirements should be ordered to meet the
project progress. This study focuses on highway projects and how the relevant author-
ities can take an optimal decision and estimate the construction cost of a highway
project accurately. Al-Rihab highway project was taken as a case study to show the
effective results of using linear programming and modern software such as LINGO
software in estimating the construction costs of this type of project. Al-Muthanna
Governorate Board (MGB), as well as other state authorities, is required to adopt
modern techniques to plan and forecast costs of projectsMGBwants to order specific
amounts of pavements materials for six months as a basic element in forecasting the
cost of the project with the responsibility of ordering good quality material not only
at minimum cost but also to fulfill the material required for the project as well.

In this study, a linear programming model has been developed for this case study
with a construction span duration of 6 months. The monthly requirements of mate-
rials for the project’s four layers, which are Sub-base (gravel layer), base layer,
binder layer, and the surface layer, were identified. The data related to the produc-
tion capacity, prices, and shipping cost for required materials were collected from
four different plants for each pavement layer. The plants have varying prices over
6 months, and the shipping prices also vary depending on the plant distance from the
job site. The linear programming model was solved by using LINGO software, and
the results were interpreted.

2 Methodology

The project of Al-Rihab Highway is located in Al-Muthanna province in Iraq with a
length of 50 km. The type is A2 class highway with one lane in each direction and
four layers for each lane as shown:

• Sub-base layer: 30 cm thickness with 9.24 m width.
• Base layer: 15 cm thickness with 8.44 m width.
• Binder layer: 7 cm thickness with 8.1 m width.
• Surfacing layer: 5 cm thickness with 8 m width.

MGB wanted to minimize the cost of pavement as low as possible and forecast
the project’s total cost. The author surveyed the nearest plants of materials needed
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for the project and tested each plant by making a checklist to investigate the extent
of qualification for each supplier. The checklist contained information related to:

• The quality of materials and the extent of their conformity with the standard
specifications.

• The production capacity of the plant.
• The reputation of the supplier.
• The prices of materials and shipping cost.

The checklist analysis results indicated that there are four qualified plants available
near the location of the project. Other plants are charging a high cost for shipping, and
the asphalt will be cold if it will transport long-distance, and that will be against the
limitation of the asphalt temperature (120 degrees) [10]. Therefore, MGB decided
to choose the nearest four plants according to the limitation of asphalt temperature.
The challenge of this project is to optimize the pavement materials purchased from
different plants to minimize the cost of the pavement and satisfy the monthly require-
ments of materials to complete the pavement stage. This research attempts to assist
MGB in forecasting the project’s materials’ total cost by adopting the methodology
shown in Fig. 1.

3 Data Collection

The materials required for the total construction duration are summarized in Table 1.
There are four qualified plants for each type of material required. Since practically,
each plant has a production limit, as shown in Table 2. Table 3 summarizes the pricing
details for each month from the plants. It can be observed that the shipping cost from
the suppliers far from the site is more than the ones closer. The total cost includes the
cost of material and shipping cost. Table 4 shows decision variables for each month
from each plant.

4 Formulation

The linear programming model was developed with 96 decision variables and 120
constraints. The objective function was to minimize the total cost of the material
ordered. The developed model’s constraints were the monthly requirements of mate-
rials for the project’s four layers to ensure a smooth construction process. Moreover,
the constraints included the monthly supply limits of the suppliers. The objective
function, which is represented by minimizing the project’s materials’ total cost, can
be formulated as shown in Eq. 1.

Zmin = Min.
∑

Price ∗ (Gij + Bij + Iij + Sij) (1)



742 A. M. Burhan

Search for nearest plants of materials 

Testing of productivity capacity, material 
quality, and supplier’s reputation (if necessary) 

for each plant 

Test 
results 

Unqualified 
suppliers or plant’s 
capacity not meet 
the requirements  

Excluded 
plant 

Qualified suppliers 
and plant’s 

capacity meet the 
requirements  

Approved 
plant 

Invitation to each 
supplier to present 

prices for each 
material 

Analysis of prices and shipping cost of material 

Linear programing to define the decision 
problem 

Using Lingo software to solve the problem and 
determine Min. Cost 

Fig. 1 The methodology of research
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Table 1 The monthly requirements of pavement materials during six months

Quantity (m2) Layer Jan Feb Mar Apr May June

Sub-Base
(Gravel)

14,160 15,576 18,408 21,240 24,072 48,144

Base layer
(Asphalt)

42,200 46,420 54,860 63,300 71,740 143,480

Binder layer
(Asphalt)

40,500 44,550 52,650 60,750 68,850 137,700

Surface layer
(Asphalt)

40,000 44,000 52,000 60,000 68,000 136,000

Table 2 The monthly supply limits for each asphalt layer

Production (m2) Layer Plant Jan Feb Mar Apr May June

Sub-Base layer Plant 1 2832 3115 3682 4248 4814 9629

Plant 2 3540 3894 4602 5310 6018 12,036

Plant 3 4956 5452 6443 7434 8425 16,850

Plant 4 6372 7009 8284 9558 10,832 21,665

Base layer Plant 1 8440 9284 10,972 12,660 14,348 28,696

Plant 2 10,550 11,605 13,715 15,825 17,935 35,870

Plant 3 14,770 16,247 19,201 22,155 25,109 50,218

Plant4 18,990 20,889 24,687 28,485 32,283 64,566

Binder layer Plant 1 8100 8910 10,530 12,150 13,770 27,540

Plant 2 10,125 11,138 13,163 15,188 17,213 34,425

Plant 3 14,175 15,593 18,428 21,263 24,098 48,195

Plant 4 18,225 20,048 23,693 27,338 30,983 61,965

Surfacing layer Plant 1 8000 8800 10,400 12,000 13,600 27,200

Plant 2 10,000 11,000 13,000 15,000 17,000 34,000

Plant 3 14,000 15,400 18,200 21,000 23,800 47,600

Plant 4 18,000 19,800 23,400 27,000 30,600 61,200

where

Price vary for each plant and month (total price = material cost + shipping cost).
G Quantity of Sub-base (gravel) in square meter to be purchased from each

plant.
i refers to the plant number, i is 1, 2, 3, & 4 respectively for each supplier.
j refers to the month, j is 1, 2, 3, 4, 5, & 6. 1 refers to January and so forth.
B Quantity of base layer in square meter to be purchased from each plant.
I Quantity of Binder layer in square meter to be purchased from each plant.
S Quantity of surfacing layer in square meter to be purchased from each plant.
Zmin Minimum cost for ordering the materials.
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Table 3 The varying prices of pavement materials during the project duration

Layer Plant Cost of material for each plant and for each month ($/m2) Shipping
Cost ($/m2)Jan Feb Mar Apr May June

sub-Base
layer

Plant 1 18.584 18.6244 18.685 18.7153 18.7355 18.7557 0.92

Plant 2 19.32 19.362 19.425 19.4565 19.4775 19.4985 0.98

Plant 3 20.056 20.0996 20.165 20.1977 20.2195 20.2413 1

Plant 4 20.424 20.4684 20.535 20.5683 20.5905 20.6127 1.1

Base
layer

Plant 1 22.624 22.5432 22.5735 22.725 22.3715 22.4422 1

Plant 2 23.52 23.436 23.4675 23.625 23.2575 23.331 1.1

Plant 3 24.416 24.3288 24.3615 24.525 24.1435 24.2198 1.18

Plant 4 24.864 24.7752 24.8085 24.975 24.5865 24.6642 1.2

Binder
layer

Plant 1 11.312 11.3625 11.3827 11.3726 11.3928 11.4029 0.85

Plant 2 11.76 11.8125 11.8335 11.823 11.844 11.8545 0.87

Plant 3 12.208 12.2625 12.2843 12.2734 12.2952 12.3061 0.9

Plant 4 12.432 12.4875 12.5097 12.4986 12.5208 12.5319 1

Surfacing
layer

Plant 1 9.09 9.1102 9.1405 9.1607 9.1708 9.191 0.5

Plant 2 9.45 9.471 9.5025 9.5235 9.534 9.555 0.6

Plant 3 9.81 9.8318 9.8645 9.8863 9.8972 9.919 0.65

Plant 4 9.99 10.0122 10.0455 10.0677 10.0788 10.101 0.75

Table 4 Decision variables for each month and from each plant

Layer Plant Jan Feb Mar Apr May June

Sub-Base Plant 1 G11 G12 G13 G14 G15 G16

Plant 2 G21 G22 G23 G24 G25 G26

Plant 3 G31 G32 G33 G34 G35 G36

Plant 4 G41 G42 G43 G44 G45 G46

Base Plant 1 B11 B12 B13 B14 B15 B16

Plant 2 B21 B22 B23 B24 B25 B26

Plant 3 B31 B32 B33 B34 B35 B36

Plant 4 B41 B42 B43 B44 B45 B46

Binder Plant 1 I11 I12 I13 I14 I15 I16

Plant 2 I21 I22 I23 I24 I25 I26

Plant 3 I31 I32 I33 I34 I35 I36

Plant 4 I41 I42 I43 I44 I45 I46

Surfacing Plant 1 S11 S12 S13 S14 S15 S16

Plant 2 S21 S22 S23 S24 S25 S26

Plant 3 S31 S32 S33 S34 S35 S36

Plant 4 S41 S42 S43 S44 S45 S46
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5 Monthly Requirements and Plants Limit Constraints

Themonthly requirement constraints (Demand constraints) can be shown as follows:

Sub-Base layer (Gravel):
G11 + G21 + G31 + G41 = 14,160
G12 + G22 + G32 + G42 = 15,576
G13 + G23 + G33 + G43 = 18,408
G14 + G24 + G34 + G44 = 21,240
G15 + G25 + G35 + G45 = 24,072
G16 + G26 + G36 + G46 = 48,144

Binder layer:
I11 + I21 + I31 + I41 = 40,500
I12 + I22 + I32 + I42 = 44,550
I13 + I23 + I33 + I43 = 52,650
I14 + I24 + I34 + I44 = 60,750
I15 + I25 + I35 + I45 = 68,850
I16 + I26 + I36 + I46 = 137,700

Base layer:
B11 + B21 + B31 + B41 = 42,200
B12 + B22 + B32 + B42 = 46,420
B13 + B23 + B33 + B43 = 54,860
B14 + B24 + B34 + B44 = 63,300
B15 + B25 + B35 + B45 = 71,740
B16 + B26 + B36 + B46 = 143,480

Surfacing layer:
S11 + S21 + S31 + S41 = 40,000
S12 + S22 + S32 + S42 = 44,000
S13 + S23 + S33 + S43 = 52,000
S14 + S24 + S34 + S44 = 60,000
S15 + S25 + S35 + S45 = 68,000
S16 + S26 + S36 + S46 = 136,000

While Monthly Plants Limit Constraints (Supply constraints) can be summarized
as follows:

G11 ≤ 2832; G12 ≤ 3115; G13 ≤ 3682; G14 ≤ 4248; G15 ≤ 4814; G16 ≤ 9629;
G21 ≤ 3540; G22 ≤ 3894; G23 ≤ 4602; G24 ≤ 5310; G25 ≤ 6018; G26 ≤ 12,036;
G31 ≤ 4956; G32 ≤ 5452; G33 ≤ 644; G34 ≤ 7434; G35 ≤ 8425; G36 ≤ 16,850;
G41 ≤ 6372; G42 ≤ 700; G43 ≤ 8284; G44 ≤ 9558; G45 ≤ 10,832; G46 ≤ 21,665;

B11 ≤ 8440; B12 ≤ 9284; B13 ≤ 10,972; B14 ≤ 12,660; B15 ≤ 14,348; B16 ≤
28,696; B21≤ 10,550; B22≤ 11,605; B23≤ 13,715; B24≤ 15,825; B25≤ 17,935;
B26 ≤ 35,870; B31 ≤ 14,770; B32 ≤ 16,247; B33 ≤ 19,201; B34 ≤ 22,155; B35 ≤
25,109; B36≤ 50,218; B41≤ 18,990; B42≤ 20,889; B43≤ 24,687; B44≤ 28,485;
B45 ≤ 32,283; B46 ≤ 64,566;

I11 ≤ 8100; I12 ≤ 8910; I13 ≤ 10,530; I14 ≤ 12,150; I15 ≤ 13,770; I16 ≤
27,540; I21 ≤ 10,125; I22 ≤ 11,138; I23 ≤ 13,163; I24 ≤ 15,188; I25 ≤ 17,213; I26
≤ 34,425; I31 ≤ 14,175; I32 ≤ 15,593; I33 ≤ 18,428; I34 ≤ 21,263; I35 ≤ 24,098;
I36 ≤ 48,195; I41 ≤ 18,990; I42 ≤ 20,889; I43 ≤ 24,687; I44 ≤ 28,485; I45 ≤
32,283; I46 ≤ 64,566;

S11 ≤ 8000; S12 ≤ 8800; S13 ≤ 10,400; S14 ≤ 12,000; S15 ≤ 13,600; S16 ≤
27,200; S21 ≤ 10,000; S22 ≤ 11,000; S23 ≤ 13,000; S24 ≤ 15,000; S25 ≤ 17,000;
S26 ≤ 34,000; S31 ≤ 14,000; S32 ≤ 15,400; S33 ≤ 18,200; S34 ≤ 21,000; S35 ≤
23,800; S36 ≤ 47,600; S41 ≤ 18,000; S42 ≤ 19,800; S43 ≤ 23,400; S44 ≤ 27,000;
S45 ≤ 30,600; S46 ≤ 61,200.
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6 Non-negativity Constraints

G11, G12, G13, G14, G15, G16, G21, G22, G23, G24, G25, G26, G31, G32, G33,
G34, G35, G36, G41, G42, G43, G44, G45, G46 ≥ zero

B11, B12, B13, B14, B15, B16, B21, B22, B23, B24, B25, B26, B31, B32, B33,
B34, B35, B36, B41, B42, B43, B44, B45, B46 ≥ zero

I11, I12, I13, I14, I15, I16, I21, I22, I23, I24, I25, I26, I31, I32, I33, I34, I35, I36,
I41, I42, I43, I44, I45, I46 ≥ zero

S11, S12, S13, S14, S15, S16, S21, S22, S23, S24, S25, S26, S31, S32, S33, S34,
S35, S36, S41, S42, S43, S44, S45, S46 ≥ zero

7 Discussion of Results

LINGO software was used to solve the developed model. The results showed the
number of pavement materials in square meters to be purchased from each plant with
a total cost of 22.73 million dollars. Table 5 shows the slack values for constraints.
The slack value indicates the unused quantity in square meters from each plant for
a specific month. For instance, plant (4) in January will supply only (6372–3540 =
2832 square meters) for the sub-base layer; in other words, the slack of this plant for
the sub-base layer (gravel) will be 3540 square meters.

8 Conclusions

One of the challenges facing government authorities in Iraq is an accurate estimation
of project costs. This research investigates how the relevant authorities accurately
estimate highway projects’ construction costs, depending on the optimal preparation
of materials used on the site. Many factors affect the cost of construction for this
type of project, but in this research, the focus has been on the relationship of the
nearest of the material plants to the worksite, the production capacity of plants, and
the prices of materials. The use of modern techniques such as linear programming
can facilitate the project cost estimation process. Highways projects are one of the
infrastructure projects that need large money for their construction. According to
this study’s results, the project’s owner should make a feasibility study to compare
the available alternatives for implementing the project before making any decision.
Optimization modeling techniques can help the owner as a case study-Al-Rihab
highway, Linear programming results showed that the estimated cost for the four
layers would be 22.73 million dollars. So, this estimation can be an indicator that can
be used by the relevant authority when analyzing the offers presented by contractors
to implement the project.



An Optimization Model to Estimate the Construction Costs … 747

Table 5 The slack values of constraints

Line number Constraints Sign Available (m2) Slack (m2)

[44] G41 ≤ 6372 3540

[45] G42 ≤ 7009 3894

[46] G43 ≤ 8284 4603

[47] G44 ≤ 9558 5310

[48] G45 ≤ 10,832 6017

[49] G46 ≤ 21,665 12,036

[58] B23 ≤ 13,715 13,715

[68] B41 ≤ 18,990 10,550

[69] B42 ≤ 20,889 11,605

[70] B43 ≤ 24,687 4602

[71] B44 ≤ 28,485 15,825

[72] B45 ≤ 32,283 17,935

[73] B46 ≤ 64,566 35,870

[92] I41 ≤ 18,990 10,890

[93] I42 ≤ 20,889 11,980

[94] I43 ≤ 24,687 14,158

[95] I44 ≤ 28,485 16,336

[96] I45 ≤ 32,283 18,514

[97] I46 ≤ 64,566 37,026

[116] S41 ≤ 18,000 10,000

[117] S42 ≤ 19,800 11,000

[118] S43 ≤ 23,400 13,000

[119] S44 ≤ 27,000 15,000

[120] S45 ≤ 30,600 17,000

[121] S46 ≤ 61,200 34,000
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Determine the Most Common
Geotechnical Risks and Their Impacts
on the Cost and Time Schedule
for Implementing Water Treatment
Plants in Iraq

Ahmed J. Kadhom and Meervat R. Altaie

Abstract In Iraq, geotechnical risks remain important causes of delays and cost
overruns in civil engineering projects, where the geotechnical risks have been classi-
fied as damaging project threats. Engineers, decision-makers, and specialized inter-
national engineering societies have sought to findways to analyze andmanage risks in
general and geotechnical risks because their impact begins early in building projects.
Geotechnical conditions are a significant concern for designers when designing a
project and, calculating the cost and project schedule, and it is considered one of
the main problems during the project procurement phase because the accuracy and
quantity of geotechnical information that is provided to bidders help them offer
competitive prices without excessive contingencies to cover the risks of geotech-
nical uncertainty for that., A complete initial geotechnical investigation during the
RFP (Request For Proposal) is often impossible. For the above, it is necessary to
address potential geotechnical risk factors during the initial investigation to manage
geotechnical risks. This research’s main objective is to analyze geotechnical risks in
the early planning stages of the project and take the appropriate decision and deter-
mine its impact on (cost, schedule) for the project. This ensures the fair distribution
of responsibilities for geotechnical risks between the owner and the contractor, and
this is one of the most critical matters that have a significant impact on the success of
projects, especially if these projects have Significance to influence the public health
of the community, such as infrastructure projects, especially central water treatment
projects (CWTP).

Keywords CWTP · PDMS · RS · RFP · ACMS · ANN

1 Introduction

The attempt to create a fair balance in the distribution of responsibilities between the
two parties to the construction contract to achieve the various goals of the two parties
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requires the parties to stand on the first risks that will be faced from the early start of
the project. These risks are the geotechnical risks and try to identify and classify them
according to the degree of their impact and find alternatives to contracting methods
(ACMS). To deal with these risks and some studies showed for the past ten years,
which were reviewed during this research, most of them focused on highway projects
as a model for the study and defining the appropriate delivery method in light of the
challenges of geotechnical risks [1, 2]. The previous studies have used various anal-
ysis methods such as AHP hierarchy [3, 4], the linear scheduling method LSM [5],
and the artificial neural network ANN [6]. Despite the different methods of analysis
used, these researches have reached similar results, and recommendations in some
cases, such as the necessity of early investigation into geotechnical risks [7, 8], and
some studies emphasized the need of adding a clause in the contract in the name of the
different site conditions DSC and formulating it clearly [9, 10]. Other studies focused
on identifying and analyzing the geotechnical factors affecting how the project was
delivered and left the decision to the owner to determine the appropriate delivery
method [11, 12]. Also, some previous studies focused on analyzing project delivery
methods and knowing the level of performance and quality for them and leaving the
decision to the owner to determine the appropriate method of delivery [3, 4, 13].
However, the approach followed by [14], which combines identifying the geotech-
nical factors of a specific type of project, analyzing and evaluating them, knowing the
degree of risk and impact for each of them, and revealing the interaction relationship
between them and the appropriate deliverymethods, can givemore reliable results for
decision-makers in the construction industry to determine the appropriate decision to
choose a method delivery and given that central water treatment projects are one of
the most important infrastructure projects in Iraq. This paper aims, through studying
the sources, reviewing previous literature, and private meetings with the special-
ists in these projects in 15 Iraqi cities, to find a study through which determine the
most common geotechnical risks when implementing such projects and classified
according to the degree of risk and impact on (cost, schedule). This method was
adopted for central water treatment projects in Iraq during this research and the
results were analyzed, recommendations made for decision-makers, and suggestions
were made to develop the research in the future.

2 Materials and Data Used

The theoretical part of this research is based on references, dissertations, published
research, and publications in this field inside and outside the country related to the
research topic. The practical part of this research is based on.

• Create a questionnaire form and analyze the data collected using the Statistical
Package for Social Sciences (SPSS).

• Using different risk management tools and techniques such as qualitative risk
analysis to classify them according to the degree of risk.
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Research Justification. Since major water treatment projects are among the
important infrastructure projects that affect the health of society. These projects
are considered the responsibility of the government in general and the Ministry of
Construction,Housing, andMunicipalities in particular.Because the researcher is one
of the affiliates of this ministry, this research deals with identifying and classifying
the most common geotechnical risks according to their likelihood of occurrence and
their impact. Project objectives including (cost, schedule) that can be encountered
when implementing this type of project.

Research hypothesis. There is an effect of geotechnical factors on the (cost,
schedule) for central water treatment projects.

• The first sub-hypothesis: There is an effect of geotechnical factors on the costs of
water treatment projects

• The second sub-hypothesis: There is an effect of geotechnical factors on the
schedule of water treatment projects

Research Methodology. The methodology of research based on:

(a) Adopting the interview technique to collect data about the most common
geotechnical risks when implementing centralized water treatment because
the questions that interest us in the research are technical and complex to the
extent that face-to-face contact is required to guide people through the process
of answering questions. The required information is detailed and narrative,
which cannot be collected via phone or e-mail.

(b) Determine the most common geotechnical risks when implementing central
water treatment projects from the outputs of Step No. (1).

(c) Designing a questionnaire to determine the impact of each risk on one or more
of the project objectives, including (cost, schedule).

(d) Conducting a qualitative analysis of geotechnical risks by adopting the
likelihood and impact method, Eq. 1 [15]

RS = P × I (1)

where.
RS = Risk score.
P = Probability.
I = Impact.
To know the degree of risk and classify these risks from the highest impact risk

to the least impactful. This analysis allows us to describe the probability and conse-
quences of each risk to the project. Using the risk score, instead of the probability
or impact alone, will ensure that the changes. The likelihood of risk, its impact, or
both is disclosed and reflected in the analysis to assist decision-makers when imple-
menting centralized water treatment projects. Arranging the risks according to the
priority of attention and allocating resources to them.

Study Area. As seen below, the research field was divided into two domains:
spatial and human.
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Spatial Field 0f Study. The study included (15) fifteen Iraqi cities starting from
Ninawa through the capital Baghdad to the city of Basra. These cities are distin-
guished by their variation in geological nature and different sources of potable water,
some of them are located on the Tigris River, and some of them are located on the
Euphrates River. Also, the number of the population and its cultural fabric is varied,
and on the other hand, the distribution of natural resources such as minerals and oil
andgas reserves is different, and the extent of vulnerability to natural phenomena such
as seismic effect on them varies, and this diversity gives more comprehensiveness
and integration of the research results.

The Human Field (Questionnaire Participants). The engineers who specialize
in the field of water treatment and who work in the water directorates of the Ministry
of Construction, Housing andMunicipalities participated in the questionnaire, as the
ministry responsible for this sector of services in Iraq. The number of distributed
questionnaire forms was 60, 48 valid forms were approved, 12 were missing, and the
percentage of participants. In the questionnaire, those who hold a bachelor’s degree
in civil engineering (90%) and the percentage of those who hold a master’s in civil
engineering (10%). The percentage of participants who work in:

• Design Department (20.8%).
• Department of Planning and Follow-up (43.8%).
• Execution Department (16.7%).

These three departments are considered among the most important departments
that have experience in implementing central water treatment projects in Iraq, and
the years of experience of the participants in the questionnaire ranged.

• (10–15) years, with a participation rate (33.3%).
• (16–20) years, with a participation rate of (50.0%).
• (20) years and over, with a participation rate (16.7%).

It is noted from the percentages of years of experience that the participants who
have more than 16 years of experience represent 66.7% of the participants. It is a
good percentage that supports the validity of the questionnaire due to the accumulated
experience of these participants.

Background andOverview: To deal with geotechnical risks, it is necessary to go
through the same stages that are followed when dealing with risks in general, which
are mentioned in most scientific sources, and they are as shown below:

1. Make a risk management strategy. deciding how to approach, schedule, and
carry out a project’s risk management activities

2. Identify Risks: Identifying and recording the risks that may affect the project.
3. Implement Qualitative Risk Analysis, which involves analyzing and factoring

in the likelihood and effect of risks to prioritize them for further investigation
or intervention.

4. Quantitative Risk Analysis: calculating the impact of perceived risks on the
project’s overall goals.
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5. Develop risk-response options and activities to optimize opportunities while
reducing risks to the project’s objectives.

6. Track and Manage Risks: Track defined risks, monitor residual risks, identify
new risks, implement risk response plans, and evaluate their efficacy over the
project life cycle.

Geotechnical Risks. The geotechnical risks and the way to manage them can
also be understood through the definitions and the likelihood and impact technique
shown below:

Classification of Geotechnical Risks. are the subsurface occurrences with a high
degree of uncertainty that impact project expense, schedule, quality, and scope [16].

Geotechnical Risk Management Definition. The ability to define, understand,
and assess geotechnical risks in the early stages of a project in a way that ensures
reducing the probability of them occurring, preventing them, or reducing their effect
on the project’s expense, schedule, and quality [16].

Probability and Impact Matrix: Organizations find it helpful to categorize the
magnitude of many threats into some kind of a matrix. The effect and probability of a
hazard occurrence are integrated into the matrix. The matrices are often divided into
high, low, and minor risk areas. The related matrix entries can be colored to show
which level they belong to. Low risks, for example, maybe colored green, medium
risks, yellow, or high risks, red. The implementation of policies (and therefore effort
and resources) according to particular risk levels is made easier with the use of this
technology. Risksmarked in red, for example, can necessitate action. Review at every
weekly case meeting, while green risks may only be reviewed monthly or on a less
frequent periodic basis [15], see Table 1.

The Most Common Geotechnical Risks When Implementing Centralized
Water Treatment Projects in Iraq. As described in point A of the methodology,
the interview approach was used to assess the most common geotechnical risks
when implementing central water projects. Engineers specializing in implementing
and supervising central water treatment projects were interviewed in (15) fifteen
Iraqi cities. According to experts, the threats were the most common. Thirteen (13)

Table 1 Adopted from POMBOK Guide [16]

Probability and Impact Matrix 
Probability Threats Opportunities 

0.9 0.05 0.09 0.18 0.36 0.72 0.72 0.36 0.18 0.09 0.05 
0.7 0.04 0.07 0.14 0.28 0.56 0.56 0.28 0.14 0.07 0.04 
0.5 0.03 0.05 0.10 0.20 0.40 0.40 0.20 0.10 0.05 0.03 
0.3 0.02 0.03 0.06 0.12 0.24 0.24 0.12 0.06 0.03 0.02 
0.1 0.01 0.01 0.02 0.04 0.08 0.08 0.04 0.02 0.01 0.01 

0.05 0.1 0.2 0.4 0.8 0.8 0.4 0.2 0.1 0.05 
Impact (numerical scale) on an objective (e.g., cost, time, scope or quality) 
Each risk is rated on its probability of occurring and impact on an objective if it does occur. The 
organization’s thresholds for Low, Moderate, or high risks are shown in the matrix and determine 
whether the risk is scored as high, moderate, or low for that objective [16]. 
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Table 2 The most common geotechnical risks when implementing water treatment plants in Iraq

Groups No The Most Common Geotechnical Risks

Soil and Rocks
Risks

1 River sandy soil

2 Loose clay soil

3 Stony soil

4 Gypsum soil

Underground Water
Risks

5 The high level of groundwater with acceptable
salinity

6 High salinity groundwater

7 The presence of groundwater contaminated with
chemicals (fertilizers, pesticides, etc.…)

Human-made
Risks

8 The presence of mines or remnants of war under
the soil

9 The presence of conflicts of previous projects
under the soil surface

10 The presence of the remains of archaeological
sites under the soil

Natural resources and phenomena 11 Geotechnical Slops

12 The existence of reservoirs of natural resources
below the soil, such as reservoirs (oil, gas, sulfur,
etc.…)

13 The presence of a seismic effect on the project site

geotechnical risks were categorized into four categories by those interviewed, see
Table 2.

3 Results and Discussion

The technical outputs of the interview conductedwith specialists in the field of imple-
mentation and supervision of central water treatment projects provided a list of the
most important geotechnical risks most common when implementing these projects.
They referred to in Table 2, and for a more understanding of this list, the analysis is
done for each risk identified separately. Using a differential and conquer approach.
So that all risks are fully understood. Through the application of paragraph (C) of
the researchmethodology, which includes designing a questionnaire to determine the
impact of each risk on one ormore of the project objectives, including (cost, schedule)
and applying paragraph (D) of the research methodology, which includes conducting
a qualitative analysis of geotechnical risks by adopting the probability and impact
technique. After analyzing the questionnaire data mentioned in paragraph (C) of the
methodology using the SPSS program and calculating the reliability coefficient to
assess the accuracy of the data, its value was 0.886, which is a good indicator for its
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Table 3 The level of risk score on cost for themost common geotechnical riskswhen implementing
centralized water treatment projects in Iraq

No The Most Common Geotechnical Risks Mean of risk score on cost Evaluation

1 The presence of conflicts of previous
projects under the soil surface

0.117 Medium risks

2 The existence of reservoirs of natural
resources below the soil, such as
reservoirs (oil, gas, sulfur, etc.…)

0.114

3 The presence of mines or remnants of
war under the soil

0.094

4 The presence of the remains of
archaeological sites under the soil

0.084

5 River sandy soil 0.079

6 The presence of a seismic effect on the
project site

0.077

7 Loose clay soil 0.076

8 Gypsum soil 0.057 Low risks

9 Stony soil 0.056

10 The high level of groundwater with
acceptable salinity

0.052

11 High salinity groundwater 0.052

12 The presence of groundwater
contaminated with chemicals
(fertilizers, pesticides, etc.…)

0.034

13 Geotechnical Slops 0.032

approval. Then calculate the arithmetic average of the degree of risk on the cost and
schedule, and apply the arithmetic average of the degree of risk for all risks. In the
probability and impact matrix shown in Table 2, it is noted that seven of these risks
had amoderate effect on the cost. In contrast, eight of them had amoderate impact on
the schedule, which was represented by the yellow balloon in descending order from
the highest impact to the lowest impact, as shown in Tables 3 and 4, respectively, and
these are the risks Which deserve more analysis, and perhaps a quantitative analysis
of risks, and the work of a response plan. The low-impact risks represented by the
green color are put on the watch list and monitored.

4 Conclusions

The first sub-hypothesis was proven, and it became clear through the study and data
analysis that seven factors have an average effect on the cost, as shown in Table 3.
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Table 4 The level of risk score on schedule time for the most common geotechnical risks when
implementing centralized water treatment projects in Iraq

No The Most Common Geotechnical
Risks

Mean of risk score on time schedule Evaluation

1 The existence of reservoirs of natural
resources below the soil, such as
reservoirs (oil, gas, sulfur, etc.…)

0.133 Medium risks

2 The presence of conflicts of previous
projects under the soil surface

0.123

3 The presence of mines or remnants
of war under the soil

0.111

4 The presence of the remains of
archaeological sites under the soil

0.102

5 River sandy soil 0.071

6 Loose clay soil 0.063

7 The presence of a seismic effect on
the project site

0.063

8 Gypsum soil 0.061

9 Stony soil 0.054 Low

The second sub-hypothesis was proven, as it was found through the study and
data analysis, that eight factors have a moderate effect on the schedule, as shown in
Table 4.

5 Recommendations and Suggestions

• The decision-makers working in the implementation of central water treatment
projects, whether they are owners or contractors, must consider the findings of
the research that there is a moderate effect of some geotechnical risks on the cost,
schedule, and early preparation for them.

• A fair distribution of responsibility for these geotechnical risks between the
contracting parties through an appropriate delivery method.

• Developing the research to include knowledge of the degree of risk to the
remaining objectives of the project, which are quality and scope

• Link this effect to a relationship with appropriate delivery methods PDMS.
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Mapping and Analyzing Flood Hazard
Using Remote Sensing and GIS
Techniques in Diyala River Basin, Iraq

Hussain Muhamed, Mustafa N. Hamoodi, and Abd Alrazzak T. Ziboon

Abstract Flood is defined as one of the most devastating natural events that lead to
immeasurable damage in terms of human settlements and economic losses. Flooding
due to extreme rainfall is a frequent hazard in the flood plains in a catchment area
of Diyala River basin. In this paper, flood hazard and their impacts on residential
areas, villages and agriculture areas located on both sides of Diyala River banks
were mapped and analyzed. The main objective of this paper is to employ remote
sensing data, including Landsat 8 and ASTER Global Digital Elevation Model, with
a GIS environment for mapping and delineating the flood areas for the study area.
The results revealed that the flood-prone areas were analyzed based on the final
maps. The mapping and analysis of the flood-prone regions could be valuable for
risk reduction.

Keywords Flood hazard · Diyala · LANDSAT · MNDWI · SRTM DEM

1 Introduction

Flood is defined as one of the most devastating natural events in the world that lead to
immeasurable damage in terms of human settlements and economic losses [1]. Flood
is a common and costly risk for many countries which face it frequently [2]. Three
major kinds of floods, including river flooding, flash flooding, and coastal flooding,
are documented. River flood usually occurs due to heavy rainfall and the melting
of snow, hence leading to overflow of water to cover lands on both banks of rivers
[3]. The study area of Diyala has witnessed a serious and costly risk of frequent
floods that are usually resulting from heavy rain. Recently, the flood in Diyala in
2019 caused significant damage to many villages, orchards, and agricultural areas
located along the Diyala river basin. Remote sensing data can provide important
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information about the earth’s surface and are usually easy to obtain. Also, these data
are a valuable source to detect theflood extent anddetermine damages and effects over
rivers and land bodies [4]. However, there are some challenges related to cloud cover
and distinguish flooded areas under forest cover [5]. These data have been widely
used in studying many aspects, especially in hydrology. Digital elevation models
were used primarily in extracting stream networks [6] and surface runoff [7]. Radar
data provide important information used in studying morphometric properties of the
stream-networks and flood areas [8]. Recently, Landsat data in combination with
other data have been documented as an effective source for mapping and extracting
flooded areas [9].

There are several methods, models, and approaches that have been employed for
flood mapping and analysis. The Sponge City flood concept was designed for water
resources and addressing flood risk in urban areas [10]. A linear mixture model and
decision-tree approach using MODIS data were investigated to derive water fraction
andfloodmapping [11].A systematic approachwas employed tofloodmonitoring the
Huaihe river basin of China using NOAA/AVHRR [12]. Spatiotemporal distribution
of streamflow was analyzed using soil and water assessment tool (SWAT) [13]. In
recent years, mapping and delineating floods have become a key input into flood
evaluation and mitigation. The process of flood hazard mapping helps to provide
information about the proposed damages for vulnerability areas that be close to the
rivers. In this study, themain objective is to employ Landsat 8 images and theASTER
GDEMdata with a GIS procedure to map, delineate, and analyze flood hazards along
the Diyala river basin. Specifically, (1) to map surface water-based MNDWI using
Landsat 8 images, (2) to delineate stream network system using GDEM data.

2 Study Area and Datasets

Study Area. The province of Diyala in Iraq (notably Hemrine Lake and Basin of
Diyala River) was selected as the study area for this work. The study area lies in
eastern Iraq between longitudes 33° 10.77′ and 33° 29.26′ and latitudes 44° 11.55′
and 44° 34.23′ (Fig. 1). The study area covers 17,685 km2. The population is about
1,548,000 people, according to the Iraqi Ministry of Planning. The study area of
Diyala is located in a semi-arid and subtropical desert climate type (BWh), based on
the Köppen’s climate classification system [14]. The average annual temperature is
about 25.3 °C, and the highest temperature is recorded in August. The annual rainfall
of the study area is around 216 mm that mostly occurs during winter.

Datasets. The data used in this study included (1) Two sets of Landsat 8 images,
whichwere acquired in January andApril of 2019, downloaded from theU.S.Geolog-
ical Survey as a Level-2 product (Level-1 and atmospheric corrections) [15]. (2)
ASTERGlobal Digital ElevationModel (GDEM) data were acquired in 2019, down-
loaded from the Earth data website, provided in GeoTIFF format with a 30 m× 30m
spatial resolution [16].
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Fig. 1 Location of the study area, the province of Diyala

3 Methodology

The methodology adopted in this work is shown in the flowchart (Fig. 2).
Extraction SurfaceWater (Landsat Images). Two Landsat 8 images in January

2019 before the flood and in April 2019 during the flood were chosen. The pre-
process of images included mosaic and clip the photos based on boundaries of the
whole study area. These images were then used to map surface water and extract
flood water within the study area, particularly for Hemrien Lake and the River of
Diyala. The workflow for this method is shown in Fig. 2. Extraction of water bodies
was conducted using modified normalized different water index indices, suggested
by Xu [17]. MNDWI was computed from Landsat 8 (OLI) using Eq. (1) below:

MNDWI = (ρ(Green band) − (ρ(SWIR_1 band))

(ρ(Green band) + (ρ(SWIR_1 band))
(1)

Green and SWIR_1 bands are the spectral reflectance of the green band and short-
wave infrared band. Ten cross-sections were taken along the Diyala River for the two
periods of January 2019 and April 2019 to compute the increase in surface water
during those periods.

Watershed Delineation (GDEM). Two pre-processing steps were carried out for
Digital Elevation Model images, including four GDEM that were mosaicked using
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Fig. 2 Flowchart showing methods for mapping and analyzing flood hazards

ERDAS Imagine software to cover the study area. Then, clipped to the study area
boundary (Fig. 3).

Delineation of the stream-networks system for the Diyala river basin was created
by several processing steps using ArcGIS 10.4: (1) determine the direction in which
water would flow out of each pixel. (2) Create a raster delineating all drainage basins
using the basin tool. (3) Create the stream network using the flow accumulation tool.
(4); finally, stream network raster for the Basin of Diyala River is delineated.

4 Results and Discussion

Mapping surface water for January and April of 2019 from the Landsat 8 images and
delineating stream network from ASTER Global Digital Elevation Model can reveal
the spatial distribution and analyze watershed behavior to determine the flood areas
Diyala river basin. Figure 4 shows that the amount of water was largely increased in
the River of Diyala and Hemrien Lake between January and April of 2019. It can be
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Fig. 3 ASTER global digital elevation model (GDEM)

seen that the area of surface water for Hemrien Lake was increased from 267.75 km2

to 339.19 km2 in January and April of 2019, respectively. This increase in water was
mainly resulted from heavy rainfall in the northern and eastern regions to the study
area during the season of rains. It is also related to the high outflow of Darbandikhan
Dam (located in the Sulaymaniyah Governorate) toward Hemrien Lake.

This outcome agrees with data obtained from the water resources office, which
recorded the highest level of water reached 105.53 m on the 26th of April 2019. In
order to control the process of water storage in the Hemrien Lake, the high discharge
of water was contributed to an increase in the amount of water to the river of Diyala,
as themain outlet, thenmaking river flooding. The cross sections showed the increase
in surface water for the Diyala River channel between January and April of 2019
(i.e., before and during the flood). It can be clearly seen that the surface water raised
and expanded in all selected cross-sections along the river from January and April of
2019, as seen in Fig. 5 and Table 1. The results obtained based on the remote sensing
data and GIS processes appear to be consistent with field data that showed the level
and discharge of water in the river of Diyala were 44.39 m and 720 m3/s in 2019,
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Fig. 4 Surface water during January and April of 2019, the province of Diyala

Fig. 5 Cross-sections over the Diyala River channel

respectively. It is the first time in the last three decades. The river reached this level
of water. Based on the maps of surface water (Fig. 4), cross-sections taken along
the river of Diyala were used to measure the width of surface water in January and
April of 2019 (Fig. 5). The results revealed a significant difference in surface water
between those two periods, as illustrated in Table 1.
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Table 1 Width of surface water of the Diyala River channel

Cross section January 2019
(m)

April 2019 (m) Cross section January 2019
(m)

April 2019 (m)

1 28 194 6 58 142

2 32 115 7 30 150

3 52 146 8 60 120

4 84 190 9 42 240

5 60 120 10 30 150

Fig. 6 Flood of the Diyala River in April 2019

The flood significantly influenced several villages. In addition, large agricultural
areas and orchards located on both sides of river banks were destroyed (Fig. 6).

Generally, delineation flood extent areas ia associatedwith floodmapping process.
The results revealed that Landsat images were appropriate data in computing surface
water and mapping the flood in the Diyala river basin. In this context, delineating the
stream network-based GDEM data provided an initial investigation of morphologic
features on flood and affected areas. Figure 7 shows drainage networks and catch-
ments in Diyala river basin. Flood moves typically from the upper part, generally
categorized by the terrain, toward the lower part.
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Fig. 7 Delineation stream network of Diyala river basin



Mapping and Analyzing Flood Hazard Using Remote … 767

5 Conclusion

The flood areas of the Diyala river basin were mapped and delineated using the
Landsat 8 images and the ASTER GDEM data-based GIS procedure. Flood hazards
on of the Diyala river basin were then analyzed. In summary, the outcomes indicate
that:

• Using remotely sensed data of Landsat 8 and ASTER Global Digital Eleva-
tion Model (GDEM) and GIS provided an economical and efficient approach
for mapping and analyzing flood hazard.

• Mapping and delineating the flood hazard areas can save peoples, villages, and
agricultural areas from being damaged. It can also help in finding plans to avoid
flood hazards in Diyala river basin.

• The obtained results could be used in determining vulnerability areas and planning
flood risk management strategies.
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Towards Sustainable Local Tourism
to Conserve the Natural Environment:
Foundations of Sustainable Ecolodge
Design

Zahraa Sabah Salih and Zaynab Radi Abaas

Abstract Sustainable tourism plays an essential role in achieving sustainable devel-
opment goals; it reached a truly realistic representation of local, sustainable devel-
opment. Sustainable tourism in natural environments represented by ecotourism,
considered one of the popular types of sustainable tourism in growth and demand,
helped and contributed to the conservation of the natural environment by planning
an ecolodge that contributes to preserving the environment. This paper aims to create
sustainable local tourismby successfully developing indicators to prepareEcolodge’s
conservation of the natural environment. These indicators represent a comprehen-
sive framework and concepts to provide basic information in promoting sustainable
tourism in natural environments.

Keywords Sustainable · Tourism · Indicators · Ecotourism · Ecolodge

1 Introduction

The world’s tourism movement increased four times after World War II; tourism
has become a vital economic resource for many countries [1]. According to Cooper
[2], the increasing tourism industry needs to provide accommodations, so devel-
oping ecotourism requires the main requirements. Accommodations are one of the
main requirements that should be suitable for the natural environment, surround-
ings, local community, and tourists to enjoy their recreational activities [3]. David
Weaver emphasized allowing the tourist to immerse with the environment and learn
more about natural and cultural information. Hector Ceballos-Lascuráin’s point of
view that ecotourism creates an environmentally conscious human and contributes
to preserving it [4]. Thus, the Ecolodge represents the local community’s identity
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and lifestyle; it can keep, save sustainable tourism, and increase the awareness of
the conservation for the local community and tourists. The international studies of
successful planning ecolodge have been reviewed to produce total, comprehensive
indicators and apply them to a selection global example to study their validity and
potentials in achieving sustainable tourism. This paper aims to develop some primary
indicator system for Ecolodge accommodations for the Iraqi case to achieve sustain-
able tourism. Because of the lack of these indicators and the obstacles to develop
ecotourism in the right direction in the sustainable development thus, the research
will present a checklist from all the relevant theories and most important practicing
of accolades around the world that succeeded to represent sustainable tourism.

2 Sustainable Ecolodge Design

According to the Cambridge dictionary, Ecolodge is a place for tourists, designed to
be softened with the natural environment and surroundings. This term is known for
the first time in The International Ecotourism Society (TIES) organizational meet-
ings in the Virgin Islands and cost Arica in 1994–1995. This organization defined
Ecolodge as accommodation for holidays designed to be derivedwith definition, prin-
ciples, and ecotourismmeanings [5].HiteshMehta concluded in 2005 thatEcolodge’s
definition is a lodge between 5 and 75, based on integration with the natural environ-
ment, sustainability in planning, designing and operation, preserving environments,
provides opportunities to learn and communicate with nature and culture [6]. So, the
Ecolodge can be defined as a kind of accommodation found in the natural conserva-
tion environment, built with the spirit of local culture (methods, materials) without
affecting the environment, allows to learn from nature, local community culture,
and also provides with cultural central to represent all the information about the
surrounding environment. It’s embodied the meaning of ecotourism to reserve the
needs of tourists that didn’t impact the environment (the researchers).

Characteristics of Ecolodge. World Commission on Protected Areas (WCPA)
described that the Ecolodge should be simple, sensitive to the environment and local
culture, suitable for tourists with low carrying capacity for the environment [7]. The
International EcotourismSociety (TIES) declared in a 2002 book entitled the interna-
tional ecolodge guidelines explained the characteristics of Ecolodge should embody
the main philosophy of ecotourism with the other two characters as shown in Fig. 1
[5].

From the definition of Ecolodge and its characteristics, creating the Ecolodge
depended on the environmental design or what is called the sustainable design, green
design, or ecological design.

Environmental Design. The environmental design appeared in the twentieth century
and developedwith the emergence of sustainable development, its ideas, dimensions,
applications to be real not only in theories. It’s explained the integrated relationship
between the human and the environment in different spatial conditions and time. So,
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Ecolodge

community benefits 

interpretation of tourists& 
community 

conservation of environment 
& sorrounding 

Add 2 from the following

Help in the conservation process .
Contribute to the local community .
Raise awareness for tourists& community .
Use sustainable methods with waters & 
waste& sewage.
Self-meets his needs.
Use local methods to build .
Has minimal impact on environment 
&surroundings.
Contribute to local sustainable development .

Fig. 1 The characteristics of Ecolodge according to TIES [5]

environmental design is used in designing and practicing the consumer of the small
product, even in designing housing complexes, parks, and large planning projects
[8]. Environmental design aims to clarify the vision of environmental sustainability
by reducing the consumption of resources and avoiding environmental damage [9].
The main principles of environmental design as following [9–11].

• Selection the suitable solutions in place, time, and climate.
• Choosing the used area to be limited to achieve for low environmental footprint.
• Using renewable energy sources to improve natural features.
• Employing an environmentally friendly building by using the theories of

environmental construction.
• Minimize environmental impact to reach a sustainable urban design.
• Staying with the carrying capacity of the environment can absorb activities as

long as it can.

Types of Ecolodge. There are four types of ecolodges according to the activities that
visitors [3].

A. Casual type: It’s built-in environments that are easy to reach, have good infras-
tructure services; this type tried to offer tourists a comfortable and enjoyable
stay in nature.

B. Dedicated type: This type could be in an area hard to reach, with weak infras-
tructure services. It is for demanding tourists, environmentalists interested in
bird watching, for example.

C. Scientific type: Tourists for this type who want to participate in exploration and
educational environment.

D. Agri-ecolodge type: This type depended on agricultural families, farms, fields.
Environmentalists prefer this type because they stay beside preserved nature
and enjoy the agricultural surroundings.

Ecolodge Development Process. Some researchers interested in the natural envi-
ronment have seen that building in a natural environment abuses it because tourism
development is difficult to stop [3]. On the other hand, many researchers, organi-
zations, and commissions thought that the Ecolodge development process would
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Ecolodge 
Design

ENVIRONMENT

COMMUNITY

ECONOMIC

CULTURE

Respect environment

Use local methods & materialsInteractive experience

Contribute local community

Fig. 2 Main four pillars of Ecolodge development process

conserve biodiversity and develop local communities. Tourists are feeling grateful to
be there and saving sustainable job opportunities [12]. So, the planners described the
Ecolodge development process as a process of balance and synergy between subsys-
tems of economic, cultural, environmental dimensions of sustainable development;
this process can provide a good situation of lifestyle for the local community for a
long time and minimize environmental impact in the surrounding [13]. Ecolodge’s
development process depended on the four main pillars as shown in Fig. 2.

According to references [6, 14–18], the guidelines can be divided into two levels,
the first level is the planning level, and the second level is the designing level.

The Planning Level. It can explain five main indicators to install Ecolodge in a
specific environment. Refer to Fig. 3; every indicator has a secondary indicator. The
first step is to select the site and study biological and abiotic factors in the site, create a
perception of how to improve the thermal range of the Ecolodge [5, 14, 17], examine
the suitable site ( environmental impact assessment EIA, Characteristics analysis,
geo properties, hydro properties, the soil, vegetation, wildlife) is an essential factor
to success the Ecolodge and respect the environment [15]. Site planning should
respect the ecosystems, local and neighboring communities, enhancing the sense
of place (climate and topography of site). Site designing based on understanding
the relationship between local people and the land (zoning, the density of building,
roads design, natural parks, permaculture, fence, and walls) ecolodge design is like

Planning Level

Selection & 
evaluation site Site planning Site desiginig Spatial 

organization of site
Suitable functional 

program

Fig. 3 The five main indicators for planning ecolodge
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energy

Using local materials 
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Fig. 4 The five main indicators in designing the Ecolodge

a balance between human needed and maintain ecosystems, so the integration with
the environment is the solution to create suitable build environment with the natural
environment [5, 14, 15]. The site should be organized to prevent the natural environ-
ment from damage and benefit from natural views, air movement, and solar radiation.
The vegetation on the selected site and the separation of activities (day activities,
night activities) will organize the site in a better way to minimize environmental
impact. Functional programming should be suitable to nature and conservation at
the site, conserve the local community lifestyle, provide the tourists with enjoying
and learning from ecosystems, surroundings, and the indigenous people’s customs
[16, 17].

The Designing Level. Designing Ecolodge should follow sustainability principles,
preserve water and reuse it, use alternative energy sources as can as possible, reduce
waste, and recycle it. Another essential additional indicator is adopting local style
construction(like shape and color), using environmentally friendly local materials,
and selecting the appropriate technology for integration with locals’ methods and
materials [5–17]. Refer to Fig. 4, the five main indicators in designing the suitable
Ecolodge.

In addition, the United World Tourism Organization (UNWTO) declared in 2004
a book for indicators tourism (Indicators of Sustainable Development for Tourism
Destinations: A Guidebook). This book includes a wide range of type indicators and
sustainable tourism’s core indicators [18]. These core indicators considered brief,
focused ideas of sustainable development integrated with sustainable tourism strate-
gies as given in Table 1 [18]. From the international studies theories [5, 17–19],
a checklist can be built to help planners and designers to know the Ecolodge that
follows the sustainable principles to achieve sustainable tourism, that contributes
to conserving the natural environment, and brings luxury for tourists, and decent
living for local communities. Refer to Table 4; this checklist is considered a fully
comprehensive view for planning ecolodge.

Practical Study

Three tourism areas internationally famous in sustainable tourism have been selected
to test, verify the developed checklist’s effectiveness, and apply the core indicators
of sustainability.
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Table 1 The core indicators of sustainable tourism according to UNWTO

No. Indicator Specific measure

1 Site protection Category of site protection according to
IUCN

2 Stress Tourist number visiting site

3 Use intensity Intensity of use peak period

4 Social impact Ratio of tourists to locals

5 Development control Existence of environmental review
procedure or formals controls over
development of site and use densities

6 Waste management Existence of sewage from site receiving
treatment

7 Planning process Existence of organized regional plan for
the tourist’s destination

8 Critical ecosystems Number of rare/endangered species

9 Consumer satisfaction Level of satisfaction by visitors
(questionnaire)

10 Local satisfaction Level of satisfaction by locals
(questionnaire)

11 Tourism contribution to the local economy The proportion of total economic
activity by tourism only

(A) Lapa Rios Ecolodge (LR lodge) and Wildlife Reserve. This Ecolodge opened
in 1994 in the Osa Peninsula in Cost Arica; this place has important biodiver-
sity, got a higher certification in sustainable tourism in Cost Arica. Opened
with 14 ecolodges and services [19]. After 2014, two ecolodges added 2
ecolodges with adding a valuable open space and expanded the restaurant
with designing accommodation for staff and management offices [20]. This
Ecolodge contributes significantly to the conservation of the natural envi-
ronment, sustainability of the local community, environmental education to
tourists and the local community [19].

(B) AL-Maha Resort and Spa. It opened in 1999 in a UAE plan to re-green
and conserved the desert from damage located in Dubai UAE. It is sited in
Dubai Desert Conservation Reserve (DDCR), opened with 37 ecolodges and
services. After five years, it expanded and added five ecolodges. This Ecolodge
contributes to reducing the degradation of the desert, conserve the biodiversity
of the desert there, established a project planted 6000 trees [21].

(C) Hutt Lagoon (Pink Lake). It is a marine Salt Lake, rectangular lake, located
beside the coast of the Indian Ocean, two kilometers (1.2 mi) north of the Hutt
River inWestern Australia. The lake’s length is about 14 km along with it, and
its width is approximately 2.3 km. It is also a wetland within the International
Ramsar Convention. According to the report of the Department of Environ-
ment and Conservation inWestern Australia on this lake, "Benefiting from the
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Table 3 Applying checklist of main indicators for sustainable tourism into international examples

Indicator Example Indicator Example

A B C A B C

Site protection 1 1 1 Planning process 1 1 1

Stress 1 1 0 Critical ecosystems 1 1 1

Use intensity 0 1 0 Consumer satisfaction 0 0 0

Social impact 0 0 0 Local satisfaction 1 0 0

Development control 1 1 1 Tourism contribution to local
economy

1 1 0

Waste management 1 1 0

natural environment is throughpreserving themost significant possible amount
of biodiversity in it, preserving ecosystem services and scientific, educators
and future uses are one of the most important conservation priorities [22].
Tourists can visit the lake for a limited time between (ten in the morning
until two in the afternoon), as the lake is considered to have a distinctive and
unique view because it is covered in pink [22]. Lake is conserved for scientific
research.

Measuring and testing the selected indicators. A preliminary evaluation of the
checklist was developed and after calculating the scores for each tourism site for the
list of indicators for sustainable tourism, refer to Table 3, then the expanded list is
given in Table 4. The standard deviation was calculated for each tourism site, and the
following was obtained: the first two sites provided a perfect model for establishing
a successful Ecolodge that achieves the goals and principles of sustainable tourism;
this was confirmed by the reality of Ecolodge and the standard deviation test to indi-
cators. The first two sites got eight scores, while the third site got four scores, and the
results were found in Table 5. However, the third site was satisfiedwith preserving the
natural environment and investing it in the field of science and research, and thus it
did not achieve sustainable tourism despite its uniqueness with distinctive character-
istics. Yet this checklist represents the starting point to develop a successful Ecolodge
that can achieve sustainable tourism. Deduce from these values that establishing an
ecolodge that takes into account the planning, design, and operation, the principles
of sustainability, leads to achieving sustainable tourism that increases the possi-
bility of conservation, supports local communities and their economy, increases the
opportunities for environmental education and introduces the importance of natural
environments.
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Table 4 Applying the developed checklist into international examples

The planning level

Indicator Issue Example A Example B Example
C

Selection
and
evaluation
site

Accessibility 1 1 1

Scale of project 1 1 1

EIA 0 1 1

Cultural identity and nearby local
community

1 1 1

Characteristics
analysis

Geo properties 0 0 1

Hydro properties

The soil

Vegetation

Wildlife

Existence
infrastructure

Water and energy
services

1 0 0

Existence highway 0 0 1

Medical and shopping
services

1 0 0

Availability of environmentally friendly
materials

1 0 0

Site planning Climate Sun 1 1 Not
measuredRain

Wind

Humidity

Topography of site 1 1

Relationship of site with neighboring 1 1

Site
designing

Zoning Building density on site 1 1 Not
measuredFuture expansion

Access
methods

Existence way 1 0

Creation way 1 0

Creation Airstrip 0 1

Determine the location of buildings 0 0

Road’s design 1 1

Naturals parks 1 1

Fences and walls 1 0

Permaculture 0 0

Inflection 1 1

(continued)
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Table 4 (continued)

The planning level

Spatial
organization
of the site

Direction of building 1 1 Not
measuredSeparate activities 1 1

Vegetation 1 1

Suitable
functional
program

– 1 1 Not
measured

The designing level

Local styles
and
aesthetics

Shape Interior
design

1 1 Not
measured

Exterior
design

1 1

Color Interior
design

1 1

Exterior
design

1 1

Integration with nature 1 1

Sustainable
water
management

Water conservation 1 0

Water harvesting 0 0

Water reuse 1 1

Water treatment 0 0

Sustainable
waste
management

Construction waste 0 0

Wastewater 1 0

Solid waste 0 0

Using
alternative
energy

– 1 1

Using local
materials and
technology

– 1 1

Table 5 The score results for
examples

Example Core indicator Checklist
developed

Standard
deviation

Lapa Rios
ecolodge

8 30 11

Al-Maha
ecolodge

8 24 8

Hutt lagoon 4 6 1
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3 Conclusions

After reviewing the international studies, specialized in successful ecolodge planning
that led to the development of sustainable tourism around the world. Clear steps can
be taken to develop sustainable tourism in Iraq towards achieving a local sustain-
able development. The first step starts from developing the checklist in which this
research came out to include various tourism sites that Iraq possesses, studying what
is appropriate for each region in detail, and reviewing the environmental, economic,
and social-cultural requirements of each site. A study in which the multidisciplinary
grouping and the local community’s involvement in it, and taking essential steps to
establish a reference system, this system is tested by local experts with the help of
specialists. To be taken in the planning aspect of the government budget and plans
to commit and implement international agreements, to keep pace with the developed
world in sustainable tourism, which has proven its local success and benefits at all
environmental, social-cultural, and economic levels, and to reach sustainable devel-
opment. This paper aims to examine the final checklist to the one of the tourism sites
in Iraq and verifying the suitability to be the beginning of design integrated system
indicators of ecotourism in Iraq to achieve sustainable tourism.
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Using Infrared Spectroscopy to Examine
the Influences of Stabilizers
on the Molecular Structure of Stabilized
Contaminated Clay Soils

Khitam Abdulhussein Saeed and Sabah Hassan Fartosy

Abstract An experimental evaluation on artificially contaminated clay soils with
different amounts of heavy metals, which were then stabilized with two types of
standard additives, was carried out. To examine the effect of those additives on
the contaminated soils’ molecular system, vibrational (infrared) spectroscopy was
employed. It is well known that contaminants in soil lead to inadequate engineering
properties for contaminated soils. Thus, it can change the impact of these contami-
nants on clayey soil’s geotechnical characteristics soils over the mechanism of chem-
ical stabilization that produces appropriatematerial that is preferable for construction
uses. In this study, artificial polluted clay soils were prepared and then mixed with
different proportions of heavy metals like (Pb and Zn) and stabilizers like quick
lime CaO and ordinary Portland cement (OPC). The changes in the structure of soil
molecular because of stabilizers and heavymetals were investigated based on Fourier
Transform Infrared Spectroscopy (FTIR). The obtained results allow exploring the
major vibrational modes in kaolin clay soil samples in which two active bands were
observed at 3696.0 and 3620.0 cm−1. These bandswere related to the octahedral (OH)
stretching vibrations and identified the kaolinite minerals. The bonding mode vibra-
tion of water-molecules (H–O-H) was discovered at 1638.0 cm−1. It decreased with
time because of the water consumption during the cement hydration and lime disso-
lution due to producing pozzolanic compounds, which are responsible for improving
the strength properties of comminated soils. It was also investigated that heavymetals
were at the absorbance band at 1384.0 cm−1. So, it can be concluded from the impor-
tance of the applied FTIR test to evaluate the effect of stabilizers on the molecular
structure of contaminated clay soils.

Keywords Contaminated soils · Portland cement · Kaolin clay · Hydrated lime ·
Physico-chemical behavior

K. A. Saeed (B) · S. H. Fartosy
Department of Water Resources Engineering, Mustansiriyah University, Baghdad, Iraq
e-mail: khitamhussein@uomustansiriyah.edu.iq

S. H. Fartosy
e-mail: dr.sabah77@uomustansiriyah.edu.iq

© The Author(s), under exclusive license to Springer Nature Singapore Pte Ltd. 2022
M. O. Karkush and D. Choudhury (eds.), Geotechnical Engineering and Sustainable
Construction, https://doi.org/10.1007/978-981-16-6277-5_63

781

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-16-6277-5_63&domain=pdf
mailto:khitamhussein@uomustansiriyah.edu.iq
mailto:dr.sabah77@uomustansiriyah.edu.iq
https://doi.org/10.1007/978-981-16-6277-5_63


782 K. A. Saeed and S. H. Fartosy

1 Introduction

This study’s background problem is preventing hazardous pollutants from damaging
the environment, which is related to disposal and waste production. This pays more
attention to the importance of today’s heavily industrialized world [1]. Therefore,
the interest toward the contaminated soils grows to encourage environmental activ-
ities that depend on responsible reusable applications and avoid expensive landfill
disposal. Stabilization/solidification (S/S) is among the treatment options required
to consolidate the contaminants and solid wastes by adding traditional cement-based
additives, such as cement, fly-ash, etc. hydrated-lime [1–4]. Themechanism of solid-
ification/stabilization exerts a toxic chemical waste stream to a stable insoluble
form (stabilization) or captures the waste through a solid cement-based structure
(solidification) [5]. Hence, the quality of binder-based solidified waste elements are
controlled by this mechanism [6, 7].

Nevertheless, to understand the expected effectiveness for the alteration of specific
engineering characteristics of the site’s polluted soil, it is essential to observe the
mechanical time-dependence and the interconnection of molecular with soil stabi-
lizers as a function of heavy metals. Infrared spectroscopy was utilized as an alter-
native method to describe the clay soil’s interactive influence with organic matter,
commonly used in soil analysis [8]. However, it can produce unique information
about themineral structure, for example; specimen set to any group ofmineralswhich
belongs to, the consistency degree inside the matrix, the uniformity level within the
matrix, the nature of isomorphic substituents, also the uniqueness of molecular water
from constitutional hydroxyl, and the existence of the non-crystalline and crystalline
impurities [9].

The assessment and identification of different chemical reactions involved in the
stabilization process of the contaminated clayey soils are the aims of this study.
Therefore, the molecular structure requires examination in the expression of local
bonding to evaluate the penetration extent of the crystalline structure of heavy metals
and stabilizers within clay soil and its in-between layers [3]. On the other hand,
the appliance FTIR technique is necessary to examine the molecular properties of
polluted soil. This technology has a great history as a complementary method of
X-ray diffraction (XRD.) and other clay investigation techniques, as reported in
[10].

2 Experimental Program and Materials

Soil and Stabilizers. The type of soil that was used in this research was a pure
brown Kaolin with a low amount of acid. A quantity of the soil was bought from the
Tapah area, located in the West of Malaysia Peninsula. The physical properties and
chemical ingredients for this soil are shown in Tables 1 and 2, respectively [7].
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Table 1 Physical properties for selected brown kaolin clay soil

Physical properties Values Physical properties Values

Cation exchange capacity (CEC) (meq/100) 19.2 Specific gravity 2.65

pH (L/S = 2.5) 4.34 Liquid limit, LL (%) 41

ICL (%) 2.0 Plastic limit, PL (%) 23

Max. dry density (g/cm3) 1.5 Plasticity index (PI) 18

Optimum moisture content (%) 24.3 BS Classification CL

Unconfined compressive strength (kPa) 130 – –

Table 2 Chemical composition for brown kaolin clay soil

Chemical compositions oxides SiO2 Al2O3 Fe2O3 Na2O K2O P2O5 SO3 CO2

Value (%) 49.5 30.31 1.02 0.79 8.78 4.03 2.05 1.4

Figure 1 shows a FESEM image of natural kaolin clay. The neatly arranged,
book-like kaolinite particles are a predominant characteristic of intact soil [11],
while in general, kaolin owns the edge-to-edge intermittent structure and a two-faced
aggregate [12].

On the other hand, the observation of Fig. 2, depicts an energy image of dispersive
X-ray spectrometer (EDAX), reveals the high level of concentrations for silicon (Si)
and aluminum (Al) proceeded by lower concentrations of potassium (K), iron (Fe),
and magnesium (Mg) were evident, with less intensity for calcium (Ca) in natural
kaolin clay. The results fromFig. 2 confirmwhat was previously presented in Table 2.

Fig. 1 FESEM image of untreated kaolin clay soil
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Fig. 2 EDAX spectrum of natural kaolin clay soil

To the effectiveness of the work, two kinds of traditional stabilizers were selected
for comparison and detection, which are significantly more potent in treating the
contaminated clay soil. The first stabilizer that used in this research was the ordinary
Portland cement. It was selected because it was cost-effective, easy to obtain, and
appropriate for various wastes. These factors make this type of stabilizer the most
extensively used binder in the stabilization technique [13]. Cement-based stabiliza-
tion produces chemical alterations that can be used for stabilization and modification
applications. The second stabilizer was quick lime (calcium oxide) obtained in the
form of powder brought from a lime factory located in an area known Pasir Gudang,
Johor. Previous studies mentioned that lime works effectively with clayey soils,
especially with soils that own plasticity index (medium to high, PI > 15.0) [1, 7,
14]. Because of the absence of aluminates and silicates in silts and granular material
pozzolanic responses, which did not occur, the lime did not interact appropriately.

Furthermore, the lime used in this study was retained in the oven under elevated
temperature to prevent particles from agglomeration gradually so that the propor-
tionate chemical composition did not change. The lime testing is implemented in
compliance with the standard BS 1924.0: Part 2:1990 (Clause 5.4.60), so the lime
quality is not changed. According to that standard, 5.0 g of lime was mixed with
100.0 ml distilled water free of CO2 by using a magnetic stirrer for a period (1) hour.
Then, it had been placed on the suspension for 24 h in an airtight container. Its pH
value should be at 25ºC based on the following formula:

pH25◦C = pHT + 0.03(T − 25) (1)

This test was repeated no less than three times until obtaining the average pH25.0
value of 12.40, that compliance with the range of 12.35–12.45 that specified in the
standard. However, it is necessary to mention that cement is preferable to lime with
granular material and silt [15]. According to ACI 230.1R-90 1990: cement is suitable
for all types of soils, and it is preferable to stabilize any soil, except for soils contain
organic content of greater than 2%. The chemical composition of Portland cement
and lime is shown in Table 3.
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Table 3 Chemical composition for the Portland and quick lime

Quick lime (CaO) Ordinary Portland cement (OPC)

Chemical composition Values (%) Chemical composition Values (%)

Calcium oxide, CaO 74.23 Calcium oxide, CaO 64.73

Phosphorus oxide, P2O5 0.08 Potassium oxide (K2O) 0.57

Magnesium oxide, MgO 0. 74 Magnesium oxide, MgO 1.1

Calcium sulfate, CaSO4 0.12 Sulfur trioxide, SO3 2.01

Ferric oxide, Fe2O3 0.17 Ferric oxide, Fe2O3 3.1

Aluminum oxide 0.11 Aluminum oxide 5.2

Al2O3 silica, SiO2 0.14 Al2O3 silica, SiO2 21.1

Loss on ignition, LOI 24.35 Loss on ignition, LOI 0.8

The reactions of stabilizer ions in the short and long-term depending on the
concentration of the stabilizer. Therefore, the stabilizer content has a significant
effect on the initial cementation and alteration of the treated specimens related to
the reactions that occur in the (short – long) term. Furthermore, to simulate the real
field conditions, it is imperative to mix reasonable quantities of cement and lime
to all design mixtures. This study compares the reaction between soil and heavy
metals using two types of stabilizers. It reduces the cost of high stabilizer content,
the same content for minimum and maximum concentrations for lime and cement
that has been used. This research was implemented on synthetic polluted soils, which
are prepared under laboratory conditions and containing 5% based on the dry soil
weight for both lead (Pb+2.0), and zinc (Zn+2.0) (based on the dry soil weight. The
purpose of adding these reagents was to simulate the contamination of non-organic
metal, and they were selected because of their prevalence in many polluted areas
[16].

Preparation of Samples. Under air-dried conditions which satisfied using the
oven, the soil specimenswere prepared. This drying condition can remarkably change
soil compaction and plasticity properties, as reported in [17]. Similar amounts of
cement and lime mixture (10%) were percentages based on the dry soil weight. It
is necessary to mention that the synthetic soil specimens mixed with heavy metals
were prepared by adding lead nitrate (Pb(NO3)2) and zinc nitrate (Zn(NO3)2) to
emulate contaminant sources in intact brown kaolin clay. Furthermore, the prepared
contaminated soil samples were compacted in 38.0 × 76.0 mm molds with a cylin-
drical cross-section. The procedure of preparation was implemented in compliance
with clause 4.1.50 of BS 1924: Part 2: 1990b to obtain the designated maximum
dry density and optimum water content. After curing the sample for two hours, then
extracted from the mold, placed in a thin-walled PVC tube, a thin-plastic cover was
used to wrap the sample, and finally, the sample was sealed using tight rubber-lids.
Later, the specimens were placed in a room with a controlled temperature (27.0 ±
2 °C) for curing till conducting all experiments after a period of (7, 100, and 200
days).
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Fig. 3 Perkin Elmer spectrum 2000 instrument (FTIR)-UTM-FS-Skudi-Johor-Malaysia

3 Testing Program

The research project depends on the FTIR technique used to investigate the changes
related to the intact specimens’ molecular structure and treated with contamination.
The amount of soil that dried in the oven (2 mg) was blended with 200.0 mg of
potassium bromide (KBR) to obtain a homogeneous powder, then compacted into a
hard disk (solid pellet) [3]. This diaphanous KBR solid pellet was then placed in a
specimen holder and scanned using a Perkin Elmer Spectrum 2000 appliance to yield
a beam mode moved transferred inside the 400.0–4000.0 cm−1 specimen, Fig. 3.

4 Results and Discussion

The effect of two selected stabilizers on the molecular structure of the intact soil
specimens and specimens treated with contamination was investigated using Infrared
spectroscopy. Typical FTIR spectra of intact Brown Kaolin clayey soil near (400.0–
4000.0 cm–1) are shown inFig. 4.Twoactive bands near 3696.0 and3620.0 cm−1 were
identified as kaolinite related to octahedral stretch vibrations from (OH). Further,
sharp bands were also noticed near 1115.0, 1031.0 and 1007.0 cm−1 which can be
related to Si–O stretching.

The band at 912.0 cm−1 was attributed to the deformation of OH that belongs to
the hydroxyl groups. Most of the other bands, for example, the vibrations of Si–O



Using Infrared Spectroscopy to Examine the Influences … 787

Fig. 4 FTIR spectra of intact brown kaolin clayey soil

were noticed near 794.0, 698.0, 540.0 and 470.0 cm−1 also approved the presence
of kaolinite, and another small band at 1422.0 cm−1 highlighted the existence of
calcite, while bands near 1638.0 cm−1 pointed out the bonding vibrations of water-
molecules (H–O-H). Figure 5 presents spectra of FTIR in natural vs. cement treated

Fig. 5 FTIR spectrums of natural and cement treated kaolin clay at different time intervals
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withKaolin clay soils at different curing periods. Remarkable alterations happened in
FTIR spectra for cement-treated cured Kaolin samples at one hundred days because
of the increase in Si–O intensity, which is stretching at 1031 and 1007 cm−1, respec-
tively. These may have been related to the initiation of cement hydration and the
development of primary cementitious compounds, which, in turn, increased poly-
merized Si–O units. As indicated previously by XRD, Portland was the primary
source of hydration compounds during this stage of curing.

Furthermore, the significantly increased absorption at 1425 cm−1 and shift to
higher energy was attributable to calcite, which then dropped remarkably by 200
days. The decrease was likely because of the development of the non-crystalline
compound, Calcium Aluminum Oxide Carbonate Hydrate, which negatively influ-
ences the molecular structure of cured specimens, as shown in Fig. 5. Therefore, the
observed decrease in FTIR spectra intensity peaks at this stage of curing; likely may
attribute to the reduction of inter-layered water-molecules (H–O-H) being consumed
due to the progress hydration process of cement.

Figure 6 shows spectra of FTIR from both lead and zinc contaminated cement-
Kaolin cured samples. This figure reveals decreasing in intensity at 1031 and 1007
cm−1, V4 and V1; all of which reflected possible reactions of lead and zinc ions
added to the cement-treated soil of reactions or adsorption of thesemetals that impact
the polymerization phenomena of silicates. The intensity of band 3445 cm−1 was
attributed apparently to the agent OH-nitrates that increased after the addition of
metallic nitrates. This decrease progressed as metallic nitrates reacted with hydrox-
ides during cement hydration to produce new compounds, which, in turn, influenced

Fig. 6 FTIR spectrums of lead and zinc added to the cement-treated Kaolin Clay at various time
intervals
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Fig. 7 FTIR spectrums of natural and lime treated kaolin clay at different various intervals

cement hydration, as stated previously. Over time, decreased intensity of lead–zinc
nitrates confirmed heavymetal reactions within the cement-soil matrix that produced
the new compounds observed earlier by XRD.

Also, FTIR spectroscopy was implemented on Kaolin clay specimens treated
with lime, as appeared in Fig. 7. FTIR spectra were not shown any significant
changes for lime in comparison to soil samples treated with cement. Nevertheless,
the rise in absorption intensity at band 1425 cm−1 is related to improving calcium
sources provided by lime. Moreover, the stretching of Si–O causes a trivial increase
in their intensities beyond the polymerization that progresses. Figure 8 illustrates
molecular structures of interactions with lead and zinc within a lime-treated Kaolin
matrix compared to FTIR spectra of the cement-treated matrix. Only minor differ-
ences, especially with zinc, were observed. As shown in Fig. 8, compared to treated
uncontaminated samples, more significant percentages of decreasing Si–O inten-
sity are observed in lime-treated samples than in cement-treated samples, especially
with zinc. Otherwise, no significant alteration of functional groups in contaminated
samples was noticed except for metallic nitrates’ appearance for both lead and zinc
at wave number 1426 cm−1.
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Fig. 8 FTIR spectrums of lead and zinc doped with lime treated Kaolin Clay at various time
intervals

5 Conclusions

The mechanism of additives (cement and lime) used to treat contaminated clay soil
achieved in current research depends primarily on the physico-chemical behaviors
of treated-contaminated soils regarding a detailed analysis of their molecular char-
acterizations. The molecular studies by Fourier Transform Infrared Spectroscopy
(FTIR) on both lime and cement treated brown kaolin clay samples were revealed
the following results. Two strong bands were observed near 3696.0 and 3620.0 cm−1,
referred to the octahedral OH stretching vibrations; these bands identified the kaoli-
nite minerals. In addition, other bands appeared because of the quartz and hematite
existence.

• The existence of calcite was observed at the vibrational band at 1422 cm−1.
• The bonding mode vibration of water-molecules (H–O–H) was noticed near

1638.0 cm−1. It decreased with time because of water consumption through the
hydration of cement and the dissolution of lime.

• The lead and zinc nitrates existences were investigated at the absorbance band at
1384 cm−1.
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Spatial Analysis of Archaeological
and Heritage Sites Using Geographic
Information System Techniques: A Case
Study of Wasit Province, Iraq

Ali Hussein Alwan and Hussein Sabah Jaber

Abstract Wasit province contains more than 500 archaeological and heritage sites
within its administrative boundaries, reflecting the long history of various cultural
ages. Analysis of archaeological and heritage site patterns is critical for archaeol-
ogists to detect past human activities. This study aims to clarify the importance of
using geographic information system (GIS) techniques in the spatial statistical anal-
ysis of archaeological and heritage sites in the study area. GIS tools and methods
were used to create a geo-archaeology database based on archaeological surveys
recorded in the antiquities and heritage inspectorate of Wasit. Spatial statistical anal-
ysiswas applied to reveal the spatial patterns of archaeological sites. The results of the
analyses of the average nearest neighbor and multi-distance spatial cluster showed
that the sites have a cluster pattern. The central feature analysis also showed that
Tal Samar in the Nu’maniyah district is the most located. The results of the direc-
tional distribution indicate the spread of most of the archaeological and heritage
sites in the northwest and southeast. It also found that 301 sites are within a stan-
dard distance of 63,414.82 m. Analysis of hot and cold spots showed that the sites
were densely clustered in the northwest and included 171 sites. The area of hot spots
reached 1563.30 km2 and constitutes 8.74% of the area of Wasit province. Spatial
analysis using GIS has also been shown to provide quantitative ways in which the
pattern of distribution of historical and heritage features can be understood. This
study recommends using spatial statistical analysis to discover the spatial relation-
ships of archaeological and heritage sites since this method can clarify a wide variety
of theoretical and functional foundations of archaeology’s behaviors.
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1 Introduction

The significance of the spatial aspect of the archaeological record has long been
known to archaeologists. Many, if not all, data that archaeologists recover are spatial
contain an important spatial component. Large quantities of spatial data, varying in
size from the relative positions of archaeological sites on a continental landmass to
the locations of individual objects in unearthed contexts, are routinely dealt with
in archaeology [1]. In essence, we see official spatial analysis not as a means of
producing complete archaeological explanations but as an extension of our moni-
toring equipment. Although the human mind is a good explanatory tool, if presented
with a series of random points, it tends to suggest patterns even if they do not exist.
However, it also means that we can’t rely entirely on our eyes and minds to give us an
unbiased explanation of the things that show spatial embossing, and here quantum
measurement can be a great help for us [1]. GIS has become an effective tool for
archaeologists to organize, interpret and analyze spatial data [2]. Archaeological
evidence can provide an opportunity to analyze past regional activity and record our
cultural complexities through the use of spatial analysis [2, 3].

Throughmethodical analysis of antiquities proof, the regional singularitymay lead
to a greater understanding of how to direct the duty sector to provide a utility for the
use of cultural heritage in related economies like tourism and to ensure that antiquities
are protected and remain an intangible value for coming generations [3, 4]. The use of
spatial technology in the sense of detecting urban footprint patterns about the regional
dimension of land use planning is the starting point for knowing cultural heritage at
the regional level [3, 5]. Analysis of patterns within site is crucial for archaeologists
to detect previous human activities and, as a result, previous human behavior. It can
also be used to describe how sites are formed and how they are formed after they
have been sediment [6]. The primary goal of spatial analysis is to define the spatial
structure inherent in the distribution of a specific point (these objects, environmental
practices, or structures) to make inferences about the specific behavior that resulted
in the observed pattern. The major fields of research for planning, forecasting, and
measuring spatial patterns are spatial and geographical statistics [7–9].

The most recent advances in spatial statistics have resulted in several powerful
tools for obtaining as much information as possible from a set of organized data. The
three most important aspects of spatial statistics are spatial structure clarification, the
analysis of clustering, and spatial change inspection. These three factors are related
to the impact of the influence of point pattern analytical techniques, which are a
collection of methods that focus on identifying key structural properties of a point
process. Spatial statistical analysis and geographical statistics are two powerful tools
that archaeologists have used to analyze remains of previous human activities and
explain the behavior that gave birth to them [8, 10]. The use of point pattern analysis to
describe, interpret, and analyze the spatial distribution of archaeological phenomena
is seen as a valuable tool. In terms of the distribution of the site and the pattern
of settlement, an analysis of the archaeological style of settlement is a remarkable
method. In the application of analytical methods such as GIS in archaeology, this
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approach has taken a special position at both the conceptual and functional levels
[11]. Based on the literature review, a spatial statistical analysis of archaeological and
heritage sites in the study area has not yet been studied. The objective of this study
is to use spatial statistical analysis techniques to analyze the spatiality of antiquity
and heritage sites.

2 Study Area

Wasit province is located in the eastern part of the central region of Iraq, between
(31 ° 52′–33 °36′) N latitude and (44 ° 30′–46 ° 40′) E longitude as shown in Fig. 1. It
has borders with many provinces, including Baghdad, Diyala, Babil, Al-Qadisiyah,
Dhi Qar, and Maysan. It borders Iran state to the east. Wasit province has good
natural resources, such as water and oil. Farming and trade are other important parts
of its economy. Al-Kut city is the center of Wasit governorate, which lies on the
River Tigris. Wasit governorate covers an area of17889 km2 and constitutes 4% of
the area of Iraq. It is classified as a coastal area with a climate that is intermediate
between the Mediterranean and hot and dry desert climates, with low rainfall and
high temperatures [12, 13]. Water is one of the most important natural resources
as it directly affects the formation of most of the components of life, and water
is a necessary element for the emergence and growth of life and its development

Fig. 1 Location map of the study area



796 A. H. Alwan and H. S. Jaber

on the earth. Therefore, the existence of the human race is linked to a large extent
to the sources of water and that the majority of civilizations in dry and semi-arid
regions have arisen around water sources and riverbanks [14–16]. The civilizations
of Mesopotamia, which depended on irrigation agriculture and exploiting the waters
of the Tigris and Euphrates rivers, are considered amodel for that.Wasit Governorate
is part of the sedimentary plain, so the governorate has a large share of the cultural
legacy left by these civilizations.WasitGovernorate hasmore than500archaeological
and heritage sites that date back to different roles, stretching from the ancient Stone
Age until the Islamic ages. The first archaeological discovery in this province was
found in 1935. Some of these sites are located above the ground, some are in the
form of large or small hills, and some are buried under the ground. The height of any
archaeological site means the continued residence in it for a long time and several
roles of civilization [14, 17].

3 Materials and Methods

Materials. Archaeological data (non-spatial data) was provided by the Inspectorate
of antiquities and Wasit heritage. Cadstro maps (raster) at a scale of 1:10,000 were
provided scanned and corrected by the Wasit Agriculture Directorate, which covers
the study area to extract the coordinates (X,Y) of archaeological sites.Archaeological
data and its coordinates were entered into an excel table and imported into GIS to
create a point feature. Shapefiles (vector) of the study area were provided by the GIS
Department of Wasit Provincial Council.

Methods. This study used GIS tools and methods to create a geo-archaeology
database. A good and structured database has been built that facilitates sustainable
management and investigation of archaeological and heritage sites based on archae-
ological surveys recorded in the Antiquities and Heritage Inspectorate of Wasit.
It is important to construct a geo-archaeology database of all archaeological and
heritage sites, as well as focus on the digital system by developing digital maps with
databases. ArcGIS for desktop software version 10.8 was used to perform spatial
statistical analyses and GIS data processors. GIS tools aid in the compilation, preser-
vation, processing, customization, and eventually, visual presentation of data so that
the user can understand it. This study’s methodology is depicted in a flowchart Fig. 2.

Average Nearest Neighbor. The ANN tool calculates the space between each
attribute’s centroid and the centroid location of its closest neighbor. It then takes the
average of all of the spaces that are close neighbors. The distribution of the attributes
being evaluated is called clustered if the average space is less than the average for
an assumed random distribution. The attributes are called distributed if the average
space exceeds an expected randomdistribution [18, 19]. The average closest neighbor
ratio is calculated as follows [19]:

ANN = DO

DE
(1)
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Fig. 2 Methodology flowchart depicted for the study

where DO denotes the observed mean space between each attribute and its close
neighbor:

DO =
∑n

i=1 di
n

(2)

andDE denotes the expectant mean space for the attribute certain in a random pattern:

DE = 0.5√
n/A

(3)

where di denotes the space between attribute i and its closest neighbor attribute,
denotes the overall number of attributes, and A denotes the area of a minimal
surrounding rectangle across all attributes or a user-specified area value. The
statistic’s average z-score is estimated as follows [19]:

z = DO − DE

SE
(4)
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where

SE = 0.26136
√
n2/A

(5)

Multi-Distance Spatial Cluster Analysis. Another method for analyzing the
spatial pattern of data from incident points is based on Ripley’s K-function. This
method differs from others in that it sums up spatial dependency (attribute clustering
or attribute dispersion) over a range of distances [18, 20]. The K-Function is defined
as follows [20]:

L(d) =
√
A

∑n
i=1

∑n
j=1.j�=i Ki.j

πn(n − 1)
(6)

where: d denotes the space, n denotes the overall number of attributes, A denotes the
total region of the attributes, and Ki,j denotes the weight. If no edge correction is
applied, the weight will be one of the spaces between i and j is less than d and zero
otherwise. Ki,j will be slightly modified if a given edge correction method is used.

Central Feature. The most central attribute identification tool in the attribute
class (point, line, and polygon). Spaces from each attribute to each other attribute in
the data set are calculated and collected. The attribute associated with the shortest
cumulative space is then selected to all other attributes and copied to the newly
created output attribute category [21, 22].

Directional Distribution. Separately calculating the standard space in the x and y
directions is a popular method formeasuring the direction for a collection of points or
areas. These two scales delimit the axes of the ellipse that encompass the distribution
of the attributes. An ellipse is denoted as a standard ellipse because the waymeasures
the standard deviation of the x-coordinates and the y-coordinates from the average
center to determine the ellipse’s axes [21, 23]. The standard deviational ellipse is
calculated as follows [23]:

C =
(

var(x) cov(x.y)
cov(y.x) var(y)

)

= 1

n

⎛

⎜
⎜
⎝

n∑

i=1
x̃2i

n∑

i=1
x̃iy̌i

n∑

i=1
x̃iy̌i

n∑

i=1
ỹ2i

⎞

⎟
⎟
⎠ (7)

where

var(x) = 1

n

n∑

i=1

(xi − x)2 = 1

n

n∑

i=1

x̃2i (8)

cov(x.y) = 1

n

n∑

i=1

(xi − x)(yi − y) = 1

n

n∑

i=1

x̃iỹi (9)
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var(y) = 1

n

n∑

i=1

(yi − y)2 = 1

n

n∑

i=1

ỹ2i (10)

Where: x and y denotes the coordinates for attribute i,
{
x̌.y̌

}
denotes the average

center for the attributes and n denotes the overall number of attributes. The variable
matrix model is analyzed into a criterion that matrix’s results being described by its
eigenvalues and eigenvectors. The standard deviations for the x-axis and y-axis then
[23]:

σ1.2 =
⎛

⎝

(∑n
i=1 x̌

2
i + ∑n

i=1 y̌
2
i

) ±
√(∑n

i=1 x̌
2
i − ∑n

i=1 y̌
2
i

)2 + 4
(∑n

i=1 x̌iy̌i
)2

2n

⎞

⎠

1/2

(11)

Standard Distance. The distribution compression measurement provides one
value that represents the dispersal of the attributes about the middle. The value is a
distance, so the compression of a group of attributes on the map can be described
by sketch a circle with a radius same as the standard distance value. The standard
distance tool makes a circular polygon. Measures the degree to which elements are
concentrated or dispersed about the center of the geometric mean [21, 24]. The
standard distance is given as [24]:

SD =
√

∑n
i=1

(
xi − X

)2

n
+

∑n
i=1

(
yi − Y

)2

n
+

∑n
i=1

(
zi − Z

)2

n
(12)

where xi, yi, and zi denotes the coordinates for attribute i, {x .y.z.} denotes the average
center for the attributes, and n denotes the overall number of attributes. The weighted
space extends to the following [24]:

SDw =
√
√
√
√

∑n
i=1 wi

(
xi − Xw

)2

∑n
i=1 wi

+
∑n

i=1 wi
(
yi − Yw

)2

∑n
i=1 wi

+
∑n

i=1 wi
(
zi − Zw

)2

∑n
i=1 wi

(13)

where: wi denotes the weight at attribute i and
{
xw.yw. zw.

}
denotes the weighted

average center.
Hot Spot Analysis. The hot spot analysis method computes the Getis-Ord G

i* statistic to every attribute in a set of data. This tool examines each attribute of
its surroundings. A high-value attribute is fascinating, but it might or might not
be a statistically important hot spot. An attribute should have a high-value and be
surrounded by other attributeswith high-values to be statistically important. The local
sum of the attribute and its neighbors are comparison in proportion to the overall
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number of attributes; When the local total is very dissimilar from the expected local
total, and when this variance is too high to be the result of random opportunity,
a statistically significant z-score results [25, 26]. The Getis-Ord local statistic is
calculated as follows [27, 28]:

G∗
i =

∑n
j=1 wi.jxj − X

∑n
j=1 wi.j

S

√[
n

∑n
j=1 w

2
i.j−(

∑n
j=1 wi.j)

2
]

n−1

(14)

where xj denotes the attribute value for attribute j, wi,j denotes the spatial weight
between attribute i and j, n denotes the overall number of attributes [27, 28]:

X =
∑n

j=1 xj
n

(15)

S =
√∑n

j=1 x
2
j

n
− (

X
)2

(16)

4 Results and Discussion

GIS tools and methods were used to create a geo-archaeology database for more than
500 sites in this study. Based on archaeological surveys recorded in the Antiquities
andHeritage Inspectorate ofWasit, a good and structured database has been built that
facilitates sustainable management and investigation of archaeological and heritage
sites. Next, spatial statistical analysis was applied to reveal the spatial patterns of
archaeological sites. According to the results of ANN analysis that were acquired
for archaeological and heritage sites revealed that the pattern of the geographical
distribution of sites is clustered pattern. The z-score of −14.27 denotes that the
likelihood of this clustered pattern being the product of random opportunity is less
than 1%, as shown in Fig. 3a. This method helps to distinguish the spatial distri-
bution pattern of sites over a wide area. While, the results of Ripley’s K-Function
analysis confirm that point patterns are clustered at distances from 8977.952 m to
37940.274 m, dispersed patterns at distances from 37940.274 m to 45912.659 m
Fig. 3b. Ripley’s K function analysis allows for more comprehensive interpretations
of the distribution of sites at varying distances.

The analysis of the central feature also showed that Tell Samar in Al-Numaniya
district is the most centrally located Fig. 4a. The results of the directional distribution
indicate that the spread of the most archaeological and heritage sites in the northwest
and southeast Fig. 4a. The standard distance measurement also displayed that 301
sites are located at a standard distance of 63414.82 m Fig. 4b.
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Fig. 3 a The result of ANN analysis; b The result of Ripley’s K-Function analysis

Fig. 4 a The results of central feature and directional distribution analysis; b The result of standard
distance analysis

Therefore, all previous spatial analyses indicate that all archaeological and
heritage sites are highly organized and assembled. It also confirms that many
sites have physical evidence between antiquities from different eras. This increases
the need to clarify careful planning for archaeological site protection in a multi-
dimensional framework of physical evidence. According to the analysis of hot and
cold spots, all hot spots are densely clustered in the northwest, and 171 sites are
located in hot spots (Fig. 5a). The area of hot spots reached 1563.30 km2 and consti-
tuted 8.74% of the area of Wasit province (Fig. 5b). This method highlighted sites
with large spatial clusters. As a result, the use of spatial statistical analysis methods
will greatly influence the archaeological interpretation of settlement distributions. It
also provides the missing link between specific human actions and what remains of
those actions on earth.
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Fig. 5 a The result of hot spot analysis; b hot spots are clustered in the northwest

5 Conclusions

The spatial statistical analysis gives a comprehensive view of ancient behavior and
spatial distribution of archaeological and heritage sites. Spatial pattern analysis is
a method of describing spatial patterns, and ANN analysis provides a useful way
to determine the generalization sought about the distribution of archaeological and
heritage sites. Spatial analysis using GIS has also been shown to provide quantitative
ways in which the pattern of distribution of historical and heritage monuments can
be understood. This study concludes that spatial concentrations of archaeological
sites are expected for at least two main reasons: land finesse and cultural, social, and
economic aspects. Land finesse can be associated with many important features of
the housing area, such as the environmental characteristics of the land, height, slope,
soil structure, availability, and continuity of food and water sources. The analytical
results of the distribution patterns used in this study can show sufficient capacity
to study the spatial characterizations of settlements from different periods in Wasit
province. Since this approach will explain a wide range of theoretical and practical
foundations of archaeology’s behaviors, it is recommended to use spatial statistical
analysis to discover the spatial relationships of archaeological and heritage sites.
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Future Cities and Reality: Analytical
Preview of the Different Theories
from Information Cities, Smart Cities,
to Liveable Cities

Hussaen Ali Hasan Kahachi

Abstract Although the subject of Future Cities is not new in the academic literature,
it is highly controversial.Whilemost researchers agree that planning for FutureCities
is a must, there is an ongoing argument on the best approach to achieve future cities
and their components and goals. This research argues that Liveable FutureCities is by
far themost appropriate theory as a plan for the citiesworldwide as it directly links the
city with people/community needs. The research will start by briefly introducing the
subject of future cities and their importance. Then it will use an analytical approach
to discuss and evaluate the different theories for conceptualizing Future Cities in
a chronicle framework. Based on this evaluation, the research will underline each
theory’s advantages and disadvantages compared to the utilization of qualitative
data for validation. The research will conclude by highlighting the key differences
between these theories and justifying why Liveable Cities is considered a superior
theory for planning future cities.

Keywords Future cities · Information cities · Smart cities · Resilient cities ·
Sustainable cities · Eco cities

1 Introduction

In their physical form, cities are defined as “a context of interlocking integrated
systems that consists of physical objects like buildings, houses, services, infrastruc-
ture, and relations between these physical objects, cities and their surroundings, and
between cities themselves” [1, 2]. The city is a giant human-made object/machine
that existed to serve the human race, and it requires continuous maintenance and
development to keep up with its inhabitant’s needs and requirements. It is a complex
nexus of systems with many levels and layers besides the physical level/layer, such
as the economic, environmental, social, cultural, technical, and relational layers. All
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of these layers are crucial for the city to function and work in tandem to serve its
inhabitants and ultimately achieve overall well-being [3, 4].

However, the rapid urbanization, population growth, and other challenges have
put great pressure on planners and researchers worldwide when thinking about the
future city. The UN estimated the total world population to be just above 8 billion
people in 2020. This number is projected to be nearly 10 billion by 2050 and as
high as 13 billion by 2090 [5, 6]. Additionally, while more than half of the world
population is currently residing in urban areas, specifically cities, almost all of the
population growth around the world is projected to happen in urban areas [6–8].
This, cemented by the rising complexity of cities due to factors such as the increasing
minimum standards of living, economic and environmental challenges, social and
cultural requirements, has made planning for the future of cities an essential yet
even more complex task [8–12]. Today, cities, and urban areas in general, have
to withstand the rapid growth in population and economy, and at the same time,
they have to be inclusive, safe, sustainable, dynamic, and resilient [1, 6, 13–17].
Finally, cities have to overcome many, sometimes overwhelming, urban challenges
such as effective unemployment rates, segregation, migration, political instability,
pollution [12], urban sprawl, transportation ineffectiveness, law enforcement, and
any significant changes/shifts due to situations such as pandemics, like the recent
COVID-19 pandemic, and large scale displacement and conflicts, such as the ISIS
conflict in Iraq and Syria [18–21].

Researchers and experts around the world were concerned with thinking about the
city of the future for decades. Eugène Hénard was arguably the first architect/planner
to discuss the subject of future cities in 1910 in Europe. In his vision, he predicted
that technology would greatly influence city planning and inhabitants’ lives in the
future. In 1924, Le Corbusier presented his projection of a future city, the Radiant
City. His projection was of a future city that is symmetrical and highly centralized
[1, 22]. Many researchers and planner/architects followed many subsequent visions.
However, many of these visions were arguably considered unpractical or way too
futuristic during these periods. Of those future cities theories that followed, there
were some thatwere considered achievable or, to some extent possible. These theories
were further developed or even adopted by some researchers, organizations, or even
governments [2, 3, 23]. Such theories include Information Cities, Big Data Cities,
Techno Cities, Eco-Friendly Cities, Sustainable Cities, Resilient Cities, Smart Cities,
and Livable Cities.

This paper aims to understand and discuss several famous future cities theories. It
uses the academic literature as starting point to analyze the definitions and character-
istics of each theory against a number of properties and indicators. Then, the paper
will highlight their relative strengths and weaknesses and ultimately recommends
one of the theories as to the most suitable based on the analysis of the qualitative
data. It is important to note that this paper will not discuss future cities theories that
are incomplete, such as Quantum Cities, or theories that are very basic or artistic,
such as Green Cities. It is difficult to yield any results or find a consensus about its
definition and characteristics from the academic literature available when writing
this paper respectively.
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2 Research Methods

Although there are several theories about the future city, all theories share the same
goals and objectives. Generally, future cities are cities where an understanding and
management of city resources allows for an automated/semi-automated, efficient,
sustainable, and dynamic management of these resources on different levels so that
to serve the present inhabitants and future generations better. The city resources
include physical objects and non-physical relations mentioned earlier and the many
activities that occur in a city and city inhabitants themselves [1–5]. Based on this, it
is possible to identify five main characteristics/criteria of future cities; data source
and collection, automation level and speed, decision Making and Implementation,
sustainability type and level, and the timeframe/time scope.

This research will be based on qualitative data analysis of literature around the
different future cities theories; Information Cities, Big Data Cities, Techno Cities,
Eco-Friendly Cities, Sustainable Cities, Resilient Cities, Smart Cities, and Liveable
Cities, against the five characteristics of future cities mentioned above. Each of the
five characteristics/criteria will have different levels as follows:

A. Data source and collection: there are two parts for this indicator, data sources,
and data collection. Data sources in a city could be sensors, people, organiza-
tions, and more. On the other hand, data collection could be done via census
and surveys, mobile and network connections, direct input, and websites.

B. Automation level and speed: this includes the way data analysis and results
in extraction happens. This could be manual, semi-manual, semi-automatic,
or automatic. It could also happen slowly, i.e., over several days to weeks, or
relatively fast over a period of few hours to a couple of days.

C. DecisionMaking and Implementation:Thedecision-making and source of deci-
sion power could be invested in experts, machines, or directly acquired from the
people themselves. Additionally, the decision could be implemented through
policies or dynamically through the community and specialized systems.

D. Sustainability type and level: This ranges from no consideration to sustain-
ability to full sustainability measures implementation. Sustainability could
include measures to achieve environmental, economic, social sustainability or
any combination of them.

E. Timeframe/time scope: this is related to the time frame of the decision and plan-
ning of the decision, which could be short (days or weeks), medium (months,
years), long/strategic (extend fromseveral years).Moreover, the decisions could
influence currentmatters only or extend to decisions that impact the city’s future
and its inhabitants.

Based on Tim’s and Bryman’s work [6, 7], the researcher used semi-structured
interviews with experts and specialists. 23 city planning experts and specialists were
interviewed, out of a total of 32 asked originally. They were asked to individually
evaluate and rank the different theories according to the different criteria and defini-
tions, giving each a score between 1 and 10. Following that, the resulting priorities
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were discussed furtherwith each of the interviewees to understand the justification for
their choices better. Finally, the results for each theory and criterion were averaged,
and the outcome mean was presented in the final results as a percentage.

3 Discussion of Future Cities’ Theories

This section is concerned with defining each of the eight future cities theories and
discussing them in some detail to understand its characteristics and enable informed
evaluation of the theory against the five indicatorsmentioned previously. The theories
will be addressed in approximately chronological order starting with the theory of
information cities and ending with the theory of livable cities. As some of the future
cities’ theories are complex, the research will focus on the aspects related to the
criteria mentioned above only.

Information Cities. The Information City theory is one of the first future cities
theories. An information City is a virtual non-physical system that parallelly exists
with the physical city and collects data from it that is not generally and appears
typically to facilitate decision making. According to Schmitt [1, 9], “It is a digital
representation of a city and its components where the emphasis is on information,
creation, handling, storage, mining, and refinement into knowledge for the city”.
According to this, information cities are concerned with gathering the data through
different mechanisms such as crowdsourcing and surveys. The collected data will
then be analyzed inwhat is called ‘urban observatories’ to produce results that experts
and planners can use in the decision-making process. This has nothing to do with
the enforcement of the decisions or making it dynamic. Also, while the data could
be used for achieving sustainability on some level, it is not one of its main goals.

Big Data Cities. The Big Data City is the next level future cities theory after
Information Cities. It first appeared in the first decade of the 21st Century. According
to this theory, data and information form the bases of this theory and the main
focus for future cities [1, 10]. Similar to Information Cities, they also focus on
data gathering, handling, mining, and refinement into results/knowledge. However,
contrary to information cities, big data cities do this on a much bigger scale where
all the data gathered are interconnected and interrelated in one extensive multi-
relational database. Additionally, the data gathered on different aspects of the city
would result in a more inclusive set, thus enabling more informed decision-making.
The data include urban planning and design data, data on the economy, geographic
and remote-sensing data, social data, environmental data, services, and more. The
main challenge for big data cities is not data collection, instead it is the refinement
of the data and benefiting from it to make decisions by planners and experts.

Furthermore, similar to information cities, big data cities theory does not
propose/deal with decision enforcement mechanisms or achieve sustainability per se.
It is, however, better suited to gather the data that enable planners/decision-makers
to reach decisions to improve sustainability if they choose to. In that regard, a big
data city model uses sensors, crowdsourcing, and existing urban masterplans/data
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as bases to extract urban space readiness for urban reform, greenhouse gases and
pollution levels, city heat islands effects, housing provision, and people’s happiness
and well-being.

Techno Cities. Techno Cities, so-called Technological Cities, are cities that
merely focus on the advancement of technology and consider it the main factor in
achieving some level of automation for the residents’ happiness [11, 13]. This theory
aims to give greater prominence to service delivery and simple decision-making in
the cities. This type of city relies on the type and quality of data gathered, which are
collected via a network of sensors covering the city. For it to function, it is crucial to
be programmed and managed to clearly allocate the responsibilities of each of the
technological systems in a city by deciding what inputs and outputs to expect.

In Techno-cities, most large-scale decisions will still be made through human
interaction, i.e., experts and planners. However, small-scale short-sighted, and simple
tasks will be managed by computers and special IT networks. This includes, for
example, opening or closing specific lanes in the street according to the traffic levels
or directing trash collection trucks in streets. A Techno-city does not necessarily and
precisely consider achieving sustainability as one of its goals. However, it could aid
in achieving sustainability, especially environmental, if it was programmed for that
and the necessary data collection facilities and sensors were implemented.

Eco-FriendlyCities. An Eco-Friendly City, or so-called eco-city (Eco2 for short),
is defined as “a human settlement modeled on the self-sustaining resilient struc-
ture and function of natural ecosystems” [14]. The World Bank also defines it
as “cities that enhance the well-being of citizens and society through integrated
urban planning and management that harness the benefits of ecological systems
and protect and nurture these assets for future generations” [15]. Eco-cities theory,
therefore, considers the integration between planning andmanagement with the envi-
ronment and economy as bases for future cities success and inhabitants well-being. It
aims to balance economic development without sabotaging the city’s environmental
sustainability, its surroundings, and the globe overall.

In eco-friendly cities, the data is collected via sensors and technologies that are
available in the markets. The collected data is analyzed and used to identify projects
that align with environmental sustainability and economic development. Investments
are then sought out to form public–private partnerships to implement these projects.
Therefore, it is a top-down approach that lacks true citizen involvement, especially as
it relies on experts and planners to make the decisions. Thus, this theory neglects the
third pillar of sustainability that is social sustainability. Furthermore, the mechanism
used for implementing the decisions is through projects. These projects tend to have
a medium timeframe in terms of their effects and could be semi-dynamic, i.e., not
entirely based on rigid policies. The level of automation is relatively slow since
decision-making relies mainly on projects that could take some time to be set and
functional. Additionally, it is mainly reliant on human interaction to be set, making
it semi-manual.

Sustainable Cities. Sustainable cities are one of the new theories in the context
of future cities. The UN defines sustainable cities as “cities that are dedicated to
achieving green sustainability, social sustainability and economic sustainability” [16,
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18]. It is, therefore, often seen as an expansion of the eco-friendly cities’ theory as
in addition to environmental and economic sustainability, it is also concerned with
social sustainability. In the sustainable city model, data is collected using sensors
as well as from people. This data is then sorted and analyzed to make them into
knowledge that can be used for decision making. The decision-making is still reliant
on experts and planners; however, citizens have the right and the means for pitching
in and being involved by commenting and sharing their perspectives through special
channels. This could be through focus groups, surveys, and online systems. The final
decision, nevertheless, would be made by experts. Moreover, some of the decisions
are fully automated. For instance, having too much pollution in some areas will
trigger a medium-term response to reduce it. Ultimately, this will affect not only
on the current standards/conditions of living but also on the conditions of living for
future generations.

Achieving sustainable cities involves implementing several solutions such as
urban farming, sustainable buildings, regenerative architecture, sustainable and smart
transportation system, diversifying economic growth sources, advanced urban plan-
ning that reduces waste and recycling. From this, sustainable cities’ theory is much
larger and complex compared to eco-friendly cities’ theory. It is also more mature
and thorough since it included mechanisms and tools for achieving its goals. Hence,
many countries have adopted this theory for achieving future cities. However, they
used somewhat different models that have a variant mixture of tools and mechanisms
of implementation.

Resilient Cities. Resilient cities are “cities that have the ability to absorb, recover
and prepare for future shocks including economic, environmental, social and insti-
tutional” [19]. A resilient city promotes inclusive growth, sustainable development,
and well-being [19, 20]. For a city to be resilient, issues, problems, and challenges
need to be identified first in order to be able to act accordingly and preserve the usual
activities and flows within the city by as much as possible [21, 22]. Nevertheless,
it is argued that without proper and fast data collection mechanisms, it is nearly
impossible for a city to be truly resilient as identifying urban challenges and issues
will be slow and inefficient [1], and it will be difficult to preserve the heritage [23].

In a resilient city, data is collected from sensors and people directly through
reporting mechanisms. The data is then sorted and analyzed for the results to be
used in the decision-making. The decision-making involves making predictions and
projections about the consequences and results of implementing a solution and the
urban problem/challenge itself. However, the decision-making is mainly reliant on
experts and planners who will test different approaches and sometimes present the
alternatives to the community for it to choose and send feedback. Additionally,
some of the issues and challenges facing the city will be presented directly and
automatically to the community to allow them tofind a solution. The decision-making
of a resilient city is often concerned with medium-length solutions in terms of its
effects’ timeframe. Moreover, although achieving sustainability is part of resilient
cities theory, it is only concerned with achieving sustainability. Hence, it is not
entirely concerned with the sustainability of the city’s surroundings and connections.
This is one of the main criticisms of this theory by some researchers, especially those
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who see achieving sustainability in a city as part of a nexus of efforts regardless of
the geographic location and boundaries [24, 25].

Smart Cities. The concept of smart cities has its origins dating back to Le
Corbusier and his theory in “The City of Tomorrow” [26]. The theory of smart cities
has developed since as technology, that facilitates the working and transformation to
a smart city, rapidly advanced. A smart city concept today integrates “Information
and Communication Technology”, ICT for short, and various other technologies and
devices connected to the Internet-of-Things (IoT) network to improve the efficiency
of the city, its operation, and services [10, 27, 28]. In a smart city, the collected data,
which is often thorough and live, is used for managing the different assets, services,
operations, and resources in the city. The data typically includes data acquired from
devices, citizens, streets, sensors, buildings, and other monitoring systems. The data
is sorted and analyzed automatically using special algorithms to make decisions
affecting transportation and traffic, power systems and plants, utilities and water
supply, waste and recycling, crime detection and reduction, other services and build-
ings such as libraries, schools, markets, public spaces, hospitals, firefighting, and
more [10, 22, 29]. The decision-making happens relatively fast, and its implemen-
tation is often dynamic than does not rely on rigid policies only; rather, present and
future modifications could be implemented through projects and systems directly.
Furthermore, as the collected data is often real-time, it will provide the basis for future
planning and monitoring/controlling of these projects and policies. Thus decisions
could have planned long-lasting effects and implications.

The smart city theory is criticized for being largely reliant on technologies rather
than people. While this could have beneficial consequences for achieving environ-
mental sustainability, and to some extent, social and economic sustainability, it would
bemore likely than not to reduce the role of the people, hencemaking the city not very
attractive to them. For instance, issues like housing needs, rapid urbanization, high
unemployment rates, and capital mobility could be overlooked or its size misrepre-
sented. Moreover, the new technologies could form a new barrier to some people,
especially those with a disability, economic or technological-accessibility problems.

Liveable Cities. A liveable city, sometimes written livable city, is defined as “a
city where people like to and can afford to live. Criteria for livability include safety,
income possibilities, living options, climate, culture, private and public transporta-
tion, equality and inclusion, medical care, and city governance.” [1, 30]. The main
focus of this theory is the livability of the city for its residence. Like smart cities
and big data cities, livable cities use different means of collecting data from people
and sensors. This data will then be sorted and analyzed with the aid of machines and
experts. However, this theory differs in that it proposes the use of city/urban simu-
lation models to generate then analyze the different alternative solutions and devel-
opments. Initially, these alternatives could be inserted/generated by the residents,
experts or machines through a set of specialized channels, algorithms, mechanisms,
and tools. These alternatives will be presented to the people, who have different
weighting according to their role, to vote for the best alternative. The implemen-
tation of the proposed solution for each region within the city will be through the
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people themselves and local authorities, and the final decision implemented might
vary accordingly.

In livable cities, the people are the main force driving the decision-making for city
planning and design. Experts and machines are there to provide aid and analysis to
allow normal citizens to make informed choices. Although this is seen as a massive
advantage for livable cities’ theory over other theories, it is also the source of criticism
as seen by some experts. Some experts have argued that in order for the citizens to
make an informed decision, they need to have a good understanding of the problems
and solutions. Otherwise, people could be misled or misdirected [31]. However,
the response of other experts to this argument is that if data collection, simulation,
analysis, and presentation were standardized and transparent, the livable city model
could be successful in achieving its goals. Another argument against this theory is
that it is tough to simulate all potential future scenarios. Therefore this model is not
perfect. Understandably, this applies to all theories, and the only solution in that
case to have resilience measures implemented, which is already part of livable cities’
theory. In a livable city, the decision-making could influence the development of
the city for periods ranging from current/short-sighted issues to strategic/long-term
problems and challenges. Furthermore, a livable city works in tandem with other
cities and areas within a large spatial plan/strategy to benefit all regions and cities.
This includes all of the three pillars of sustainability; environmental, economic, and
social.

4 Results Summary and Discussion

Table 1 illustrates the results of the five criteria analysis of the eight future cities
theories discussed in this paper. As seen, most of the early theories, such as Informa-
tion Cities, Big Data Cities, and Techno-Cities, are mainly focused on data collection
to facilitate decision making by experts and planners, or in the Techno-City theory
machines on a small scale. The decisions are then implemented through a set of
policies that are short-scoped in most cases. This is seen as a major flaw in these
theories as the fast changes require fast dynamic actions that consider long-term
consequences. The next tier of theories, namely Eco-Friendly cities and Sustain-
able Cities, is more focused on achieving urban sustainability in part or in whole.
They use data inputted by people and sensors in a semi-automatic fashion to allow
experts to decide that has medium timeframe effects. These theories, however, do
not provide enough access to people to achieve governance and get them involved in
the decision-making. Moreover, they tend to lack fast action mechanisms to respond
to current/urgent problems.

The last tier of theories, namely Resilient Cities, Smart Cities, and Livable Cities,
are mature. These theories have more advanced methods for data collection, prob-
ably because they encapsulated the new advancement in technologies. They all use
some sort of simulation model to represent the data better and sort it out. Livable
Cities, nevertheless, is the only theory that aims to use simulation models to forecast
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Fig. 1 Relative comparison of the 8 future cities’ theories

future events and set a response plan on the larger intra-spatial context. It is also
the only one that directly involves the people in the decision-making by incorpo-
rating an urban governance model that aims to cover all aspects of sustainability in
full. Figure 1 graphically compares the eight future cities’ theories using the five
criteria/characteristics of future cities star diagram. It is important to note here that
the Livable Cities theory appears to be the most comprehensive and complete theory
only compared to other theories analyzed. This does not mean that Livable Cities
theory covers all of these criteria fully. This is especially important since future cities’
theories keep developing and new ones evolving, changing the balance and rating of
the respective theory’s characteristics/criteria.

5 Conclusions

Based on the previous presentation and analysis of the different future cities’ theories,
it is possible to conclude that the idea of future cities is an important one, especially
with the rapid growth of cities/urban development and the advancement of living
standards and technologies. The concept of the future city has come through a long
way of development since the early 1900s to the present time, at it will surely continue
developing in the future as more technologies and issues arise and others become
dominant.

• This research evaluated eight of the future cities’ theories against the five criteria
of a future city; data source and collection, automation level and speed, decision
Making and Implementation, sustainability type and level, and the timeframe/time
scope. This is to understand which of the different theories are better aligned
with the definition of a future city. The research used semi-structured interviews
with 23 planning experts and specialists to rank and categorize each of the eight
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future cities’ theories against the five criteria. The use of the qualitative semi-
structured interview method allowed good flexibility while giving an insight to
experts/specialists’ justification of their categorization and ranking of the different
theories.

• Based on the results of the interviews, Livable Cities Theory is seen by many
interviewees as the complete theory in terms of the five criteria discussed. This
does not mean that it fully covers all of these criteria fully, rather it is better
qualified to achieve the criteria fully than the other seven theories discussed in this
research. This is especially important since future cities’ theories keep developing
and new ones evolving, changing the balance and rating of the respective theory’s
characteristics/criteria.

• Livable Cities is seen as a better future cities’ theory as it puts the people them-
selves as themain driving force of city planning and design. Experts andmachines
provide advice and directions in livable cities and provide alternatives for imple-
menting city planning and design. They allow the people to make an informed
decision regarding their city design and planning through data collection, simu-
lation, and analysis. Moreover, in livable cities, the full spectrum of sustainable
challenges for durations reaching several decades are collected live, simulated,
and analyzed. This makes livable cities better equipped to deal with unforeseen
circumstances, provide resilience, deal with present issues on multiple scales, and
forecast potential future scenarios to prepare for them. All this makes livable cities
the best future cities’ theory compared to other theories available at the time of
writing this paper.

• The previous results do not necessarily mean that livable cities’ theory is better in
practice. This could be the subject of another future research using actual cases
and statistical data. Moreover, as future cities’ theories keep developing and new
ones emerging, this comparison does not apply to all future theories in the context
of future cities. Finally, it is worth noting that people and experts have a different
understanding of the different future cities’ theories, especially that this subject,
as previously stated, is highly controversial amongst researchers and experts.
Exploring this further could also be the subject of another research in the future.
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