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Preface

This symposium is the eighth symposium in the series initiated by late Professor
H. Takemiya of Okayama University, Japan, and Academician Yunmin Chen of
Zhejiang University, China, and was held in Zhejiang University, Hangzhou,
China, in 2003. The subsequent six symposia were successfully convened in
Okayama University, Japan (2005); National Taiwan University, Taipei (2007);
Beijing Jiaotong University, China (2009); Southwest Jiaotong University, China
(2011); Tongji University, China (2013); and Zhejiang University, China (2016),
respectively. With the increasing impact over academia and industry, the symposia
have attracted much attention from government officials, scientific and research
communities, and engineering professionals. Geotechnical challenges associated
with dynamic loads on railroad track and road pavements often require scientific
and technological breakthroughs for design innovations. To effectively reflect such
frontiers, this symposium has been renamed as International Symposium on
Environmental Vibration and Transportation Geodynamics since 2016 and was held
under the auspices of the International Society for Soil Mechanics and Geotechnical
Engineering (ISSMGE) TC202 Transportation Geotechnics Committee.

The scope of the 8th International Symposium on Environmental Vibration and
Transportation Geodynamics 2018 (ISEV 2018) continued to cover environmental
vibrations induced by industrial, civilian, and transportation activities, problems
associated with dynamic vehicular loading on road foundations, and sustainability
challenges of transportation infrastructures and the built environment. The ISEV
2018 was organized and successfully held by Central South University in
Changsha, China, on October 26–28, 2018, and attended by 499 registered dele-
gates from 14 countries. The ISEV 2018 consisted of a workshop dedicated to the
2nd meeting of Young Transportation Geotechnics Engineers (YTGE) and plenary
and breakout sessions as well as a technical exhibition for the dissemination of
research findings and engineering best practices. Thirteen keynote speakers (in last
name alphabetical order: Xuecheng Bian, Yujun Cui, Antonio Gomes Correia,
Carlton Ho, Dingqing Li, Andrei Metrikine, William Powrie, Fumio Tatsuoka,
Peter Woodward, Academician Yeong-bin Yang, Jian-Hua Yin, Academician
Wanming Zhai, and Academician Jianlong Zheng) delivered speeches on topics

xi



covering laboratory behavior of soils, pavements, railroads, bridges, field settle-
ments, compaction, stabilization, and offshore structures. In addition, there were 29
invited presentations, 16 parallel sessions, and 55 paper presentations. The ISEV
2018 event served as a significant platform for academic exploration, experience
exchange, and thought inspiration among the practitioners engaged in management,
design and construction of large-scale civil and transportation infrastructure,
researchers, academics, and students.

This proceedings book includes 70 paper contributions selected from 83
accepted papers submitted to the ISEV 2018 in the areas of high-speed railway
geodynamics, heavy haul railway geodynamics, environmental vibration and noise
control, soil dynamics and soil-structure dynamic interaction, subway/metro
vibration and geodynamics, transportation geodynamics, and structural dynamics.
At least two, but often three reviewers, including members of the scientific com-
mittee, subjected all submitted contributions to an exhaustive refereed peer-review
procedure. Based on the reviewers’ recommendations, those contributions which
best suited the conference goals and objectives were chosen for inclusion in the
proceedings.

We would like to thank the ISEV 2018 scientific committee members and
individual reviewers for their dedication and contributions of their time and efforts
to ensure the high technical quality of the accepted papers. In addition, sincere
thanks are extended to all speakers for sharing their work, experience, and insight at
the conference and to all authors for ensuring that final manuscripts were in
accordance with English language standards and publication format requirements.
Finally, we would like to gratefully acknowledge the Conference Honorary
Chairmen, Chair and Co-chair of the ISEV 2018, Chair and Co-chair of the 2nd

YTGE group, and organizing committee members for their help, suggestions, and
contributions to the management of the symposium event.

Urbana, IL, USA Erol Tutumluer
July 2019 Xiaobin Chen

Yuanjie Xiao

xii Preface



Contents

Environmental Vibration and Noise Control

In Situ Test and Analysis on Ground Vibration and Noise Induced
by Tram Passing Small-Radius Curve Track . . . . . . . . . . . . . . . . . . . . 3
Deyun Ding and Haiyuan Fang

Research on the Influences of the Geometric Parameters
of the Vibration Isolation Effect of Miniature Concrete
Vibration-Isolated Piles for Rail Transit . . . . . . . . . . . . . . . . . . . . . . . . 13
Jing-lei Liu, Ao-yun Wang, Chuan-qing Yu, Qian Zhao and Jian Zhang

Vibration Isolation Mechanism of Row Piles Under Single-Point
Excitation . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 39
Jing-lei Liu, Rui-heng Zhang, Xiao-yu Zhao and Huan Liu

Ground Vibration Induced by Moving Train Loads on Unsaturated
Ground Using 2.5D FEM . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 75
G. Y. Gao, S. F. Yao and Qingsheng Chen

Strategy for Constructing Environment Vibration Control System
for High-Speed Railway . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 91
Zhenxing He, Guangtian Shi, Xiaoan Zhang, Nengneng Bao,
Shuzhen Wang and Jiangang Xu

Numerical Analysis of Train-Induced Vibrations Effect on Existing
Masonry Building . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 105
Qian Xia, Wen-Jun Qu, Yi-Qing Li, Jin Zhao and Meng-Yun Gan

Determination of Environmental Vibration Source Based on Natural
Frequency of Different Bearing Slabs . . . . . . . . . . . . . . . . . . . . . . . . . . 121
Qian Xia, Wen-jun Qu, Yi-qing Li and Ya-ni Sun

Experimental Study on Environmental Vibration Induced
by Streetcar . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 135
Tian Zhang, Fei Du and Gang Yang

xiii



Study on the Train-Induced Vibration Transmission
Within the Over-Track Building . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 149
Lihui Xu, Xiaojing Sun and Rongning Cao

Soil Dynamics and Soil Structure Dynamic Interaction

Limit Analysis of Slope Stability During Pile Driving Considering
Energy Dissipation Due to Deformation of Inner Friction . . . . . . . . . . 169
Ying Liu, Zhihao Mo, Qing Sheng Chen and Henglin Xiao

Influencing Factors and Significant Analysis of Mechanical
Properties of Silty Clay Subgrade in Seasonal Frozen Area . . . . . . . . . 179
Hong-huan Cui, Chen Xing, Wei-xing Cheng, Xin Yang
and Wen-tao Wang

Study on a Method of Horizontal Bearing Capacity of Anti-slide Pile
Based on “C” Method . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 193
Liqun Zhang and Jingyu Hu

Numerical Investigation on Screening Surface Waves Using a Buried
Trench with Plate . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 205
Jian-ping Li, Xiao-lei Zhang, Dong-mei Zhang and Shi-jin Feng

Influence of Fibre-Reinforced Load Transfer Platform Supported
Embankment on Floating Columns Improved Soft Soils . . . . . . . . . . . 215
Cong Chi Dang and Liet Chi Dang

Stability Analysis of Fractured Rock Slopes with Vertical Cracks
Subjected to the Hydraulic Effect Based on the Hoek–Brown
Failure Criterion . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 229
Xiao-qing Pi, Lian-heng Zhao, Xiao Cheng and Han-hua Tan

Permanent Deformation Behavior of Coarse-Grained Residual
Subsoil Under Large Amplitude Loading Cycles . . . . . . . . . . . . . . . . . 251
Xiao-bin Chen, Liguo Chen and Jiasheng Zhang

Utility Trench Backfill Compaction Using Vibratory Plate
Compactor Versus Excavator-Mounted Hydraulic Plate
Compactor . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 285
Chaoyi Wang, Tong Qiu, Ming Xiao and Jintai Wang

Dynamic Behaviors of Overconsolidated Remolded Red Clay
Under Cyclic Compressive Stress Paths . . . . . . . . . . . . . . . . . . . . . . . . 297
Guoyue Yang, Keyu Li, Yunlong Xu and Liangji Li

Study on the Stress Deformation Behaviour of Half-Cover
Excavation . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 311
Xiu-zhu Yang, Yu-qing Zhang, Jin-shan Lei, Lai-yun Jiang,
Ji-dong Dai and Jian-liang Wu

xiv Contents



One-Dimensional Consolidation Tests and Cyclic Triaxial Tests
on Structural Soft Clay in Southeast China . . . . . . . . . . . . . . . . . . . . . 325
Hongming Liu and Xuecheng Bian

Disintegration Characteristics and Fractal Features of Red
Sandstone During Drying–Wetting Cycles . . . . . . . . . . . . . . . . . . . . . . 331
Zongtang Zhang, Wenhua Gao, Junqi Zhang, Zhimin Zhang, Meihui Yi
and Xiaoyu Tang

HCA Study of Permanent Deformation of Sand Under Train-
Induced Stress Path Considering Variable Confining Pressure . . . . . . . 347
Juan Wang, Yanfei Xiong and Dariusz Wanatowski

High Speed Railway Geodynamics

Ground Vibration of Viaduct and Pile-Group Foundation Induced
by Moving High-Speed Train . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 361
Guang-yun Gao, Wei Xie and Jian Song

Ground-Borne Vibration Generated by High-Speed Trains
on the Pile-Supported Subgrade Reinforced by Geogrid . . . . . . . . . . . 375
Guang-yun Gao, Jun-wei Bi and Qing-sheng Chen

Three-Dimensional Numerical Simulation of Vehicle Dynamic Load
and Dynamic Response for Ballastless Track Subgrade . . . . . . . . . . . . 387
Xuan Wang, Hao Cheng, Biao Zhang, Jiasheng Zhang and Qiyun Wang

Dynamic Field Tests on the Base of a Large Cross-Section
High-Speed Railway Tunnel . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 411
Fuchun Xue, Jianlin Ma and Liping Yan

Interaction Between Tracks and Continuous Rigid-Frame Bridge
Carrying High-Speed Railway . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 429
Bin Yan, Gaoxiang Zhang and Haoran Xie

Field Observations on Mud Pumping of Ballastless Track
in High-Speed Railway . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 445
Zhangbo Wan, Shuhao Li, Xuecheng Bian and Yunmin Chen

Analysis of Dynamic Response of Pile-Slab Subgrade Transition
Section in High-Speed Railway Based on In Situ Testing . . . . . . . . . . . 457
Li-min Wei, Chang-hong Xu, Xiao-bin Chen, Qun He and Di Ma

Lower Bound Shakedown Limit Analysis of Slab Railway Tracks:
Numerical Approach . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 479
Pedro Alves Costa, Patrícia Lopes and António Silva Cardoso

Influence of Subgrade Settlement on Dynamic Characteristics
of CRTS II Slab Orbit . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 493
Qing-song Feng and Bo Peng

Contents xv



Dynamic Simulation and Analysis of a High-Speed Maglev
Train/Guideway Interaction System . . . . . . . . . . . . . . . . . . . . . . . . . . . 505
JingYu Huang and Long Zhang

Study on Properties of Polyurethane Grouting Foam Material
for High-Speed Railway Track Lifting . . . . . . . . . . . . . . . . . . . . . . . . . 527
Wen Han, Chuanyue Huang, Jiadong Xu, Yanjie Lu, Yan Zhu, Yanjun Cui
and Jinsong Tang

Monitoring Technology of Ballast Track in Rail Expansion Joint
Area of High-Speed Railway . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 545
Guoliang Song, Chao Lin, Weichang Xu and Shehui Tan

Heavy Haul Railway Geodynamics

Effect of Irregular Shape and Cyclic Loading Frequency
on the Dynamic Behavior of Railway Ballast . . . . . . . . . . . . . . . . . . . . 563
Junhua Xiao, De Zhang and Xiao Zhang

Numerical Investigation of Vibrational Acceleration Level
for a Ballasted Railway Track During Train Passage
in Seasonally Frozen Regions . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 577
Shuang Tian, Shanzhen Li, Liang Tang, Xianzhang Ling
and Xiangxun Kong

Influence of Track Irregularities in the Stress Levels of the Ballasted
and Ballastless Tracks . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 601
Ana Ramos, António Gomes Correia, Pedro Alves Costa and Rui Calçada

Subway/Metro Vibration and Geodynamics

Prediction Method for Metro Environmental Vibrations
Based on Measurement . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 615
Zongzhen Wu

Dynamic Response Analysis of the Subway Station Under Moving
Train Loads . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 627
Xiangyu Qu, Meng Ma, Weining Liu and Linfeng Li

Comparative Experimental Study on Vibration Isolation Effect
of Combined Track Bed in Metro Tunnel . . . . . . . . . . . . . . . . . . . . . . 639
Zhou Zheng, Yong-fang Wu, Jin-hui Liu, Peng-hui Liu, Yi-gan Wang
and Da-xin Sun

Analyses of Metro Train-Induced Vibration of Building Above
Subway Tunnel . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 653
Jianjin Yang, Wanming Zhai, Shengyang Zhu and Yu Guo

xvi Contents



Case Study on Rail Train-Induced Vibration Reduction at the Metro
Depot by Using the Open Trench . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 667
Ziyu Tao, Yimin Wang, Yekai Chen and Chao Zou

Estimation of Amplitude-Dependent Dynamic Parameters
from Ambient Vibration Data . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 679
Jun Ma

Research on Band Gap Characteristics of Periodic Isolation Barrier
for Metro . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 691
Shenglong Zhang, Wenbing Wang, Yulu Li, Zongzhen Wu
and Xiangwei Ma

Vibration Reduction with Rows of Arbitrarily Arranged Elastic Piles
in Saturated Soil by Multiple Scattering Method . . . . . . . . . . . . . . . . . 705
Miaomiao Sun, Huangding Zhu, Xinjiang Wei, Huajian Fang
and Lianying Zhou

Transportation Geodynamics

Experimental Study on High Rockfill Embankment Filling Quality
Controlled by Rolling-Dynamic Compaction Technology . . . . . . . . . . . 723
Shifan Qiao, Ping Xu, Xiao Sun and Ziyong Cai

Prediction Model for Mechanical Properties of Iron Ore Tailings
Recycled Concrete Based on Foundation Treatment . . . . . . . . . . . . . . 739
Hong-huan Cui, Xin Yang, Pan-pan Wang, Chen Xing and Zi-lin Yan

Dynamic Impendence of Pile Group Foundation of Bridge
Based on the TLM-PML-VM Method . . . . . . . . . . . . . . . . . . . . . . . . . 753
Yanmei Cao and Pan Wu

Backbone Curve Model of Saturated Coarse-Grained Soil
Under Train-Induced Cyclic Loading . . . . . . . . . . . . . . . . . . . . . . . . . . 763
Rusong Nie, Junli Dong, Wuming Leng, Wenquan Zhou, Yafeng Li
and Huihao Mei

Vibration Reduction Performance of a Periodic Layered
Slab Track . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 779
Yao Hu, Zhibao Cheng and Zhifei Shi

Grouting Pressure Distribution Model for the Simultaneous
Grouting of Shield Tunneling While Considering the Diffusion
of Slurry . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 793
Zhong Zhou, Zhuangzhuang Liu, Binran Zhang, Wenyuan Gao
and Chengcheng Zhang

Contents xvii



Test Perceptions on the Degradation of Aggregate Subjected
to Cyclic Triaxial Loading . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 811
Zhi-Qiang Lin, Jian-Gu Qian and Zi-Pei You

Comparison of Dynamic Modulus Assignments for Isparta
State Highways According to Mechanistic-Empirical Pavement
Design Method . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 821
Kemal Armagan, Mehmet Saltan, Serdal Terzi and Nevzat Kirac

Expanded Glass Usability in Hot-Mix Asphalt as Fine Aggregate . . . . 831
Sebnem Karahancer, Nihat Morova, Ekinhan Eriskin, Kemal Armagan,
Gizem Kacaroglu, Oznur Karadag, Mehmet Saltan and Serdal Terzi

Determination of Safety Distance of Twin Tunnel Underpassing
Existing Tunnels . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 839
Helin Fu, Pengtao An, Zhen Huang, Jiabing Zhang, Yue Shi
and Guojing Yao

Analysis of the Mechanical Response of Asphalt Pavement
with Different Types of Base . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 849
Hui Wang and Xinyu Dong

The Behavior of Cement-Treated Crushed Rock Material
Under the Cyclic-Loading Test with Multiple Amplitude
of Applied Strain . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 867
Peerapong Jitsangiam, Korakod Nusit, Suphat Chummuneerat
and Hamid Nikraz

Shakedown Analysis of Flexible Pavement on Saturated Subgrade
Under Moving Traffic Loading . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 879
Zhi Lv, Jiangu Qian and Renyi Zhou

Application of Geosynthetics in Highway Engineering . . . . . . . . . . . . . 895
Hao Tang

Investigation the Usability of Garnet as Filler Material
in Hot Mix Asphalt . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 907
Sebnem Karahancer, Ekinhan Eriskin, Kemal Armagan, Nihat Morova,
Gizem Kacaroglu, Oznur Karadag, Mehmet Saltan and Serdal Terzi

Utility of Aramid, Polyolefin and Polypropylene Combination
in Hot Mix Asphalt as a Fiber Material . . . . . . . . . . . . . . . . . . . . . . . . 915
Baris Karahancer, Nihat Morova, Sebnem Karahancer, Ekinhan Eriskin,
Serdal Terzi and Mehmet Saltan

Study on Mechanical Properties of Styrene-Acrylic Emulsion-Based
Cement Composite Pavement Joint Sealant . . . . . . . . . . . . . . . . . . . . . 923
Ning Yang, Erlei Bai, Jinyu Xu, Guang Peng and Boxu Meng

xviii Contents



Structural Dynamics

Study of the Influence of Undulating Terrain in the Regional Wind
Field on a Freeway Bridge Section . . . . . . . . . . . . . . . . . . . . . . . . . . . . 939
Ying Jia, Peng Cheng and Chao-chao Han

Parametric Study on Dynamic Performance of Transition Section
of Steel Spring Floating Slab Track . . . . . . . . . . . . . . . . . . . . . . . . . . . 949
Shuwen Ren, Congcong Cui and Deyun Ding

Vertical Vibration Propagation in Periodic Frame Structures . . . . . . . 959
Zhibao Cheng, Zhongyuan Huang and Zhifei Shi

Recent Developments of Long-Span Highway Bridges in China . . . . . . 969
Bin Yan and Jie Huang

Influence of Steel Spring Failure of Floating Slab Track on Vibration
Characteristics of Infrastructure . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 987
Fangzheng Xu, Xiaolin Song and Jianjin Yang

Experimental Study on the Transfer Characteristic and Deformation
of Three Types of Combine Track System . . . . . . . . . . . . . . . . . . . . . . 999
Ning Xu, Fei Zeng, Anbin Wang, Zhiqiang Wang, Jinzhao Wang
and Tong Ren

Analysis of Accurate Dynamic Responses on Orthotropic Steel Deck
Based on Multi-scale Time-Varying Boundary Approximation
Method . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 1009
Yuan Tian, Nan Zhang, Wanli Yang and Ming Chen

IGN Method and Matrices Equivalence of Regularization Jacobian
Matrix in Solving NLS Survey Adjustment Problems . . . . . . . . . . . . . 1023
Limin Tang and Bo Wu

Study on Safety Analysis of the Adjacent Operation Tunnel
Under the Blasting Load . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 1035
Xiu-zhu Yang, Yu-ming Zhao, De-xin Song and Yong-jun Huang

Contents xix



About the Editors

Erol Tutumluer is a Professor in the Department of Civil and Environmental
Engineering, University of Illinois at Urbana-Champaign, USA. He specializes in
transportation geotechnics, and has been active in transportation engineering and
transportation geotechnics research, education, and practice for more than 23 years.
Prof Tutumluer is a Paul F. Kent Endowed Faculty Scholar, and is a member of
many professional societies. He chairs ISSMGE technical Committee 202 on
Transportation Geotechnics. Prof Tutumluer has authored more than 300
peer-reviewed publications, including 150 journal papers and over 220 conference
papers.

Xiaobin Chen is a Professor in the Department of Geotechnical Engineering,
Central South University, China. He is a committee member of ISSMGE-TC202
Transportation Geotechnics, Committee Member of TRB (Transportation Research
Board) AFP70 Mineral Aggregates, as well as Committee Member of WTC(World
Transportation Conference). His research interests include Transportation
Geotechnics (coarse-grained engineered materials), Engineering geological disaster,
Railway embankment, Foundation protection technologies of the existing railway
infrastructure, and Grouting technologies. He has authored more than 92 peer-
reviewed journal papers, including 30 peer-reviewed international journal papers.

Yuanjie Xiao is an Associate Professor in Central South University’s School of
Civil Engineering (China). His research interests include geomechanics, soil
dynamics for railway, highway, and airfield infrastructure, testing and modeling of
pavement and railroad track geo-materials. He is a member of multiple professional
societies, including ASCE, ISSMGE, AREMA, etc, ad serves as a reviewer for
many reputed journals. He has authored more than 35 research research papers and
holds 1 patent.

xxi



Environmental Vibration and Noise
Control



In Situ Test and Analysis on Ground
Vibration and Noise Induced by Tram
Passing Small-Radius Curve Track

Deyun Ding and Haiyuan Fang

Abstract In order to explore the characteristics of ground vibration and noise due
to tram operation, a small-radius curve section of a trial operation tram line in a city
is selected as the test object, as well as a straight-line section. During the in situ test,
the same tram is used to run repeatedly at different speeds, and the measured data of
ground vibration and noises inside and outside the tram are obtained. The test
results show that: (1) The ground vibration acceleration in the small-radius curve
section is mainly concentrated between 80 and 400 Hz, and the noise is mainly
between 1000 and 8000 Hz, which are both greater than those in the straight-line
section. The noise inside the tram is slightly greater than that outside in the fre-
quency band below 630 Hz in the small-radius curve section; but they exchange
when it above 630 Hz. In the straight section, the noises inside and outside the tram
are basically same. (2) With the increase of the train speed, there is no significant
difference in ground vibration below 100 Hz, but above 100 Hz, the maximum
vibration difference is between 5 and 8 dB. The maximum increase of noises inside
and outside the tram is, respectively, about 6 and 2 dB(A). (3) The ground vibration
acceleration level outside the curve is larger than that inside, and the maximum
difference is about 15 dB, meanwhile, the noise inside the small-radius curve is
greater than that outside, and the maximum difference is about 6 dB(A).

Keywords Tram � Vibration and noise � Small-radius curve track � In situ test

1 Introduction

With the speedy development of urban rail transit in China, tramway as a medium
and low volume rail transit has entered a large-scale, high speed and supernormal
development period [1, 2]. By the end of December 2017, 20 tramway lines in 14
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cities or regions have been operated, and the operation mileage is up to 236.14 km.
Moreover, more than 39 tramway lines with a total mileage of 620.55 km have
been under construction in 22 cities or regions. In addition, according to incomplete
statistics, there are more than 565 planning tramway lines in over 100 cities or
regions, with a total mileage of 10,378 km.

With the improvement of people’s requirement for environmental quality, the
vibration and noise induced by tramway operation have attracted increasing
attention in recent years [3, 4]. The tramways are built on the arterial roads in cities,
which influences on the residents life in the adjacent buildings. So that influence of
tramway operation cannot be ignored, especially in the small-radius curve section.

In China, the characteristics of ground vibration and noise caused by tramway
passing through small radius section are poorly studied [5, 6]. Based on the in situ
test, the characteristics of ground vibration and noise induced by tram operation are
revealed in this paper.

2 Project Outline

A selected tram line has a length of 19.592 km and includes a total of 25 stations,
and its engineering investment has reached up to 3.11 billion RMB.

The small radius of the main line is equal to 50 m. The type of the track is
monolithic bed with no-sleepers, and the thickness of the track bed is 290 mm. The
type of rail is 60R2 groove rail, and the elastic material packages are installed at
both sides of the rail Web. The CM-A ordinary fasteners are used in the track.

The tram as shown in Fig. 1 is a kind of 100% low floor vehicle, including five
modules with three bogies. The full length of the tram is 34.8 m long, and has an

Fig. 1 Trial operation of a selected tram line
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axle weight of 11 tons. During the trial operation, strong vibration and noise
radiation have appeared in the small-radius curve section.

3 In Situ Tests

3.1 Trial Sections

Based on the condition of the trial tram line, a typical small radius section
(R = 50 m) and a typical straight-line section are adopted, as shown in Fig. 2, to
test the ground vibration and the background noise and noises outside and inside the
tram. Test range is within 10 m from the rail of the track.

In order to ensure the accuracy of the test data, the same tram is used to run
repeatedly on the same test track. At different speeds of 8 and 13 km/h, the tram has
been carried out five reciprocating tests on above-mentioned sections.

3.2 Experimental Setup

On small radius section, the accelerometers as shown in Fig. 3a were mounted in
the middle of the small-radius curve, and four measurement points were numbered
by VCI-1, VCI-2, VCO-1 and VCO-2, which were, respectively, placed at the
distances of 1.3, 8, 1.3 and 6 m from the left and right rails, as shown in Fig. 2. On
straight-line section, four measurement points were assigned by VLI-1, VLI-2,
VLO-1 and VLO-2, and they were also placed at the distances of 1.3, 8, 1.3 and
6 m from the left and right rails, as shown in Fig. 2.

Station Station

R=50m

1.3m
1.3m

8m

6m

Station

Test trackVCI-1

VCO-1

VLI-1

VLO-1

VLI-2   NLI

VLO-2   NLO

8m

6m
VCO-2

VCI-2

NCO

NCI1.3m
1.3m

Vibration measurement points
Noise measurement points

Fig. 2 Trial sections and measurement points
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On small radius section, the sound pressure sensors were arranged in the middle
of the small-radius curve, and two measurement points were numbered by NCI and
NCO, which were, respectively, placed at the distances of 8 and 6 m from the left
and right rails, as shown in Fig. 2. On straight-line section, two measurement points
were assigned by NLI and NLO, and they were also placed at the distances of 8 and
6 m from the left and right rails, as shown in Fig. 2. The height of all sound
pressure sensors as shown in Fig. 3b was 0.8 m from the ground.

A hand-held noise collector as shown in Fig. 3c was used to test the noises
inside the tram. It was located in the middle of the tram, and with a height of 1.2 m
from the tram ground.

3.3 Test Equipment

The ground vibration signals and noise signals outside the tram were recorded using
Dynamic Data Acquisition and Analysis System made by China Orient Institute of
Noise & Vibration. A high-performance hand-held noise collector was used to
record the noise signals inside the tram. Some main test equipments are listed in
Table 1.

4 Analysis of Test Data

4.1 Vibration Acceleration Level

The vibration acceleration level (VAL, dB) is expressed by:

Fig. 3 Experimental set up: accelerometer (a), sound pressure sensor (b) and hand-held noise
collector (c)
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VAL ¼ 20lg
a
a0

� �
ð1Þ

where a is the root mean square (RMS) of vibration acceleration, and a0 = 10−6 m/
s2 is the reference vibration acceleration.

Figures 4 and 5 show the relationship between ground vibration acceleration
level and one-third octave center frequency in the small radius section and in the
straight-line section. It can be obvious that the ground vibration acceleration in the
small-radius curve section is mainly concentrated between 80 and 400 Hz. With the
increase of the train speed, there is no significant difference in ground vibration
below 100 Hz, but above 100 Hz, the maximum vibration difference is between 5
and 8 dB. The ground vibration acceleration level outside the curve is larger than
that inside, and the maximum difference is about 15 dB.

4.2 A Sound Pressure Level

Figure 6 illustrates the one-third octave band spectrum of noises in the small radius
section, considering the A weight calculation. It can be seen that main energy of the
noise is mainly concentrated between 1000 and 8000 Hz. The noise inside the tram
is slightly greater than that outside in the frequency band below 630 Hz, but they
exchange when it above 630 Hz.

There are two peak points in the 1000 and 4000 Hz, respectively, and the peak
value at the 4000 Hz is more prominent, which has the obvious characteristic of
roaring noise. The main reason is that when the tram passes through the
small-radius curve section, the frictions between the inner and outer wheels of the
bogie and rails are completely inconsistent.

Table 1 Test equipment

Name Model type Manufacturer

Dynamic data acquisition
and analysis system

INV3020C China Orient Institute of Noise & Vibration

Accelerometer 9828 China Orient Institute of Noise & Vibration

Accelerometer LC0130 QUATRONIX Electronics Co., Ltd.

A high-performance hand-held
noise collector

INV3080P China Orient Institute of Noise & Vibration

Sound pressure sensor INV9206 China Orient Institute of Noise & Vibration

Sound pressure sensor 46AE G.R.A.S

Sound calibrator 46AB G.R.A.S

In Situ Test and Analysis on Ground Vibration and Noise Induced … 7



Figure 7 shows the one-third octave band spectrum of noises in the straight-line
section, considering the A weight calculation. In the straight-line section, the noises
inside and outside the tram are basically same. Main energy of the noise is mainly
concentrated between 160 and 2000 Hz.

Fig. 4 Ground vibration acceleration level versus one-third octave center frequency in the small
radius section

Fig. 5 Ground vibration acceleration level versus one-third octave center frequency in the
straight-line section
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4.3 Equivalent Sound Pressure Level

Equivalent sound pressure level is defined by average energy of A sound pressure
level at a specified time, and it is represented by LAeq and can be obtained by:

Fig. 6 One-third octave band spectrum of noises in the small radius section, considering the
A weight calculation

Fig. 7 One-third octave band spectrum of noises in the straight-line section, considering the
A weight calculation

In Situ Test and Analysis on Ground Vibration and Noise Induced … 9



LAeq ¼ 10lg
1
T

ZT

0

100:1LAdt

 !
ð2Þ

where LA is instantaneous sound pressure level at t time, and T is the prescribed
measurement time.

Table 2 summarizes the LAeq inside and outside the tram and LAeq of background
noise. In general, the noise in small radius section is greater than that in the
straight-line section. With the increase of the tram speed, the maximum increase of
noises inside and outside the tram is, respectively, about 6 and 2 dB(A). The noise
inside the small-radius curve is greater than that outside, and the maximum dif-
ference is about 6 dB(A).

4.4 Beyond Limit Analysis

Table 3 listed the measured value and limit value of noise at a speed of 13 km/h. It
can be seen that with reference to GB 14892-2006, the limit value of noise inside
the tram is 75 dB(A) [7], and there is no exceeding standard in the small radius
curve section. Meanwhile, referring to the standard VDV154-2011, the maximum
of noise exceeding standard inside the tram is 4.35 dB [8]. With reference to GB/T
7928-2003, the limit value of noise outside the tram is 80 dB [9], and the maximum
of noise exceeding standard outside the tram is 9 dB in the small-radius curve
section. Meanwhile, referring to the standard VDV154-2011, the maximum of
noise exceeding standard outside the tram is 14 dB. In the straight-line section,
measured values of noise are less than the limit values, in other words, they satisfy
noise control requirement.

Table 2 LAeq statistics

Type Tram speed
(km/h)

NCI [dB(A)] NCO
[dB(A)]

NLI
[dB(A)]

NLO
[dB(A)]

Noise outside
the tram

8 83.16 78.70 62.54 64.65

13 89.00 83.84 65.68 66.65

Noise inside
the tram

8 70.35 63.40

13 72.35 64.50

Background noise – 56.35 57.04
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5 Conclusions

This paper summarizes important observations of ground vibration and noise
measurements performed in a trial tram line with the small radius section. The
following conclusions can be drawn from the present analysis.

(1) The ground vibration acceleration in the small-radius curve section is mainly
concentrated between 80 and 400 Hz, and the noise is mainly between 1000
and 8000 Hz, which are both greater than those in the straight-line section. The
noise inside the tram is slightly greater than that outside in the frequency band
below 630 Hz in the small-radius curve section, but they exchange when it
above 630 Hz. In the straight section, the noises inside and outside the tram are
basically same.

(2) With the increase of the train speed, there is no significant difference in ground
vibration below 100 Hz, but above 100 Hz, the maximum vibration difference
is between 5 and 8 dB. The maximum increase of noises inside and outside the
tram are, respectively, about 6 and 2 dB(A).

(3) The ground vibration acceleration level outside the curve is larger than that
inside, and the maximum difference is about 15 dB, meanwhile, the noise
inside the small-radius curve is greater than that outside, and the maximum
difference is about 6 dB(A).

(4) With reference to GB 14892-2006, the limit value of noise inside the tram is
75 dB(A), and there is no exceeding standard in the small-radius curve section.
Meanwhile, referring to the standard VDV154-2011, the maximum of noise
exceeding standard inside the tram is 4.35 dB(A).

(5) With reference to GB/T 7928-2003, the limit value of noise outside the tram is
80 dB(A), and the maximum of noise exceeding standard outside the tram is
9 dB(A) in the small-radius curve section. Meanwhile, referring to the standard
VDV154-2011, the maximum of noise exceeding standard outside the tram is
14 dB(A).

Table 3 Comparison of measured and limit values of noise at a speed of 13 km/h

Type Description Noise in curve
section [dB(A)]

Noise in line
section [dB(A)]

Noise inside the tram Measured value 72.35 64.65

Limit value 75 dB(A)
(GB 14892-2006)

√ √

Limit value 68 dB(A)
(VDV 154-2011)

� (4.35) √

Noise outside the tram Measured value 89.00 66.65

Limit value 80 dB(A)
(GB/T 7928-2003)

� (9) √

Limit value 75 dB(A)
(VDV 154-2011)

� (14) √
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The experimental results could be regarded as a reference for developing
methods to control ground vibration and noise and for adopting countermeasures.
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Research on the Influences
of the Geometric Parameters
of the Vibration Isolation
Effect of Miniature Concrete
Vibration-Isolated Piles
for Rail Transit

Jing-lei Liu , Ao-yun Wang , Chuan-qing Yu , Qian Zhao
and Jian Zhang

Abstract To study the vibration isolation effect of miniature concrete
vibration-isolated piles for rail transit on shallow surfaces, the evaluation parame-
ters were set, and a model was tested to analyze different geometric parameters of
vibration-isolated piles. The results show the following. When the ratio of the pile
length to the wavelength is between 1.024 and 1.125, an increase in the pile length
has less effect on the vibration isolation effect. When the ratio of the pile spacing to
the wavelength is between 0.013 and 0.080, the vibration effect can be maintained
at a good level. When the ratio of the spacing to the wavelength is greater than
0.080, the vibration isolation effect gradually decreases with an increase in the pile
spacing. When the ratio of the pile section width to the wavelength is greater than
0.058, an increase in the pile section width gradually weakens the effect of the
vibration isolation. Finally, when the ratio of the vibration-isolated pile section
width to the pile length and the ratio between the pile spacing and the pile length are
both small, vibration-isolated piles can obtain a good vibration isolation effect.
Using elongated and densely arranged single-row piles can provide a good vibra-
tion isolation effect. If the location of a vibration-isolated pile is not close to the
source of vibration, the pile can obtain a better vibration isolation effect. When the
ratio of the vibration source distance to the pile length is in the range of 0.9–1.2,
setting vibration-isolated piles at a certain distance from the vibration source can
achieve a better vibration isolation effect.
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Keywords Rail transit � Miniature concrete vibration-isolated pile � Model test �
Geometric parameters

1 Introduction

1.1 A Subsection Sample

As society has progressed, rail transit has greatly developed as a more rapid mode of
transportation. However, when a train passes through a building or a factory, the
continuous vibration adversely affects the health of humans, the building stability, and
the normal use and maintenance of precision instruments [1–4]. Many scholars have
conducted various degrees of research on the effect and mechanism of the isolation of
various isolation measures. Kumar et al. [5] found that the propagation mode of
vibrationwaves in soil is based on two forms ofwaves, i.e., physicalwaves and surface
waves, at the same time and that 70% of the energy is carried by surface waves. In an
investigation presented by Murillo et al. [6], surface waves were the primary cause of
vibration in railway operation; blocking the propagation path of surface waves in the
soil can effectively reduce the impact of vibration on the surrounding environment.
Wang et al. [7–10] usedmodel tests andfield tests to study the vibration characteristics
of the crushed rock embankment during train operation. Hou et al. [11] used ANSYS
to establish a model of an empty trench and analyzed the isolated vibration effect of
empty trenches. The study found that the depth of the trenches had the greatest impact
on the vibration isolation effect and that a high-frequency vibration has a better
vibration isolation effect for open trenches. Zhang et al. [12] proposed a numerical
method that can determine the vibration law of the soil behind open trenches in
high-speed railways. The analysis of the open trench depth has a significant effect on
the vibration isolation effect. Woods et al. [13] proposed using open trenches as
barriers to isolate vibrations. The wavelength was studied as a parameter, and the
relationship between the trench depth and the wavelength of the vibration wave on the
mechanism was analyzed. Liu et al. [14, 15] used an indirect boundary integration
equation method to simulate vibration isolation from several rows of elastic piles; the
study found that the multiple rows of piles should be adopted for low-frequency
waves, but more than three rows of piles will not significantly improve the vibration
isolation effect for high-frequency waves.

However, in the above study on the isolation of vibrations, the vibration isolation
effect of open trenches or row piles was regarded as a single-factor analysis. Most
studies focus on a comparison of the vibration isolation effects and an analysis of
the influencing factors and lack multivariate analysis of the isolation mechanisms
for the vibration isolation effects.

A single-row vibration-isolated pile is used as a vibration isolation barrier in this
test. The pile section size, pile length, pile spacing, and other factors are taken into
account, and the test result adopts the reduction ratio of the amplitude (Ar) [13] to
indicate the vibration isolation effect of the miniature concrete vibration-isolated
piles.
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2 Field Site and Instrumentation of the Test Layout

2.1 Field Site

Considering that the nature of sand is relatively stable in this test and the test
variables are easy to control, the planar dimensions of the sand foundation form a
rectangle with a size of 3 m � 2 m � 1.5 m. The planar particle size of sand is less
than 5.0 mm, and the moisture content of the sand is controlled from 9 to 10%.
With sand layer backfilling and then consolidation, the density of the sand is
controlled from 9 to 10%.

2.2 Equipment Instrumentation

The main equipment is composed of a set of control systems named WS-Z30,
which consists of a data acquisition controller, a power amplifier, an electric charge
amplifier, a signal generator, an accelerometer amplifier, a signal amplifier, an
electromagnetic exciter, a computer, and a few accelerometers (the sensitivity is
4 pc/ms−2, the frequency response is 0.2 * 8000 Hz, the measurement range is
50 m/s2, and the quality is 28.5 g). The field site and the equipment used in the
experiment are shown in Figs. 1 and 2.

The pile is poured using a strength grade of C30; in this test, the pile section is
designed as a square with section widths of 5, 10, and 15 cm corresponding to the

Fig. 1 Miniature concrete vibration-isolated pile and accelerometer arrangement
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length of each section size of 30, 40, and 50 cm, respectively. There are a total of
four accelerometers, and the details of the test site are shown in Fig. 3.

The excitation frequency of the exciter ranges from 10 to 150 Hz, the sampling
frequency was set to 5000 times per second in the test, and the sampling time was
5 s. The charge amplifier values must be consistent in the test. The wave velocity of
the excitation wave in the sand was tested in advance, and then the effect of the
wavelength on the vibration isolation effect of single-row pile was analyzed.

Fig. 3 Vibration-isolated
pile and acceleration sensor
arrangement

Fig. 2 Details of the test equipment
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3 Determination of the Wave Velocity of a Soil Layer

3.1 Test Planning

This paper proposes a test method (spectral analysis of surface waves, SASW) [16,
17] to determine the wave velocity. The equipment layout that is involved is shown
in Fig. 4.

Under the effect of the pulse load of the exciter, signal 1 and signal 2 were
collected by the #1 accelerometer and the #2 accelerometer, respectively, and then a
spectrum diagraph was obtained. Then, SASW is used to obtain the coherence
function and the reciprocal power spectra of the two signals; if the coherence
function value at a certain frequency exceeds the threshold value of 0.85 [16], these
two signals have a significant correlation. Then, the reciprocal power spectra are
used to determine the corresponding phase difference u. Finally, the wave velocity
definition is shown in Eq. (1).

VR ¼ 360 � f � x=u ð1Þ

Fig. 4 Layout diagram of the
test equipment
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where VR denotes the wave velocity, f denotes the excitation frequency, x denotes
the distance between the #1 accelerometer and the #2 accelerometer, and u denotes
the phase difference.

The corresponding wavelength is defined as Eq. (2).

LR ¼ 360 � x=u ð2Þ

In the test, the consideration of the frequency of the source and the pile spacing
mostly depends on the depth of the soil being tested [17]. Therefore, when mea-
suring the shallow wave velocity (VR), the vibration source is dominated by high
frequencies, and the test signal is excited 4 times. The spacing (x) is in turn taken
from Table 1. The forward test direction is defined as being from the #1
accelerometer to the #2 accelerometer. After the forward test is finished, the
position of the accelerometer is not changed, the exciter is moved symmetrically to
the other side of the centerline (MN), and then the above operation is repeated in the
backward. The testing conditions are shown in Table 1.

3.2 Data Processing

Taking testing condition 5 from Table 1 as an example, the exciter is arranged on
the right side of the centerline (MN). The coherence function to analyze the
measured signals, i.e., signal 1 and signal 2, and the coherent coefficient corre-
sponding to the excitation frequency of 150 Hz from the derived frequency-domain
files are screened. The coherence function is shown in Fig. 5.

The value of 0.956 marked in Fig. 5 represents the coherence coefficient value of
the corresponding signal when the excitation wave propagates from the #1
accelerometer to the #2 accelerometer under testing condition 5. The requirement
that the coherence coefficient value is greater than 0.85 is satisfied [16]; then, the
phase difference u was found using the method of the cross-power spectrum. The
cross-power spectrum is shown in Fig. 6.

Table 1 Testing conditions of the wave velocity test

Testing conditions Frequency f (Hz) Spacing x (cm) Test direction

1 140 30 Forward

2 140 30 Forward

3 140 40 Forward

4 140 40 Forward

5 150 30 Backward

6 150 30 Backward

7 150 40 Backward

8 150 40 Backward
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The value of 146.457 rad marked in Fig. 6 represents the phase difference (u)
value of the corresponding signal when the excitation wave propagates from the #1
accelerometer to the #2 accelerometer under testing condition 5.

Using the same method for the remaining conditions in Table 1, the arithmetic
mean of the test results is taken in both directions as the measured wave velocities
on the surface of the soil. The wave velocities are shown in Table 2.

After averaging the wave velocities (VR) that were measured at each operating
condition, the arithmetic mean was 109.989 m/s.
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4 Size Optimization of a Single Factor

4.1 Single-Factor Data Processing

The reduction ratio of the amplitude (Ar) is adopted to indicate the vibration iso-
lation effect of a single-row vibration-isolated pile. A smaller Ar indicates that the
vibration isolation effect of single-row piles is better [13].

The Ar is defined as in Eq. (3).

Ar ¼ a1=ao ð3Þ

where a1 denotes the vertical vibration acceleration of the ground after setting a
single-row vibration-isolated pile and ao denotes the vertical vibration acceleration
of the free field that is excited in the same position.

The influences on the vibration isolation effect of the length of the pile (L), the
size of the pile section (B � B), the pile spacing (s), the distance from the vibration
source (r), and the wavelength (LR) are investigated. The following parameters are
introduced to evaluate the effects of vibration isolation and are used as a measure of
the vibration isolation effect of the vibration-isolated piles.

(1) Depth parameter D

The ratio D between the length (L) of the pile and the wavelength (LR) represents
the effect of different lengths of the piles on the vibration isolation effect of the
vibration-isolated piles. The formula is shown in Eq. (4).

D ¼ L=LR ð4Þ

Table 2 Results of the wave velocity test

Testing
conditions

Coherence
value

Phase difference
u (rad)

Wave velocity
VR (m/s)

Arithmetic
mean (m/s)

1 0.956 147.448 109.870 109.989

2 0.988 146.669 110.453

3 0.976 147.748 109.646

4 0.964 145.993 110.964

5 0.975 247.443 109.116

6 0.972 245.716 109.883

7 0.968 248.187 108.789

8 0.976 242.83 110.189
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(2) Width parameter W

The ratio W between the width (B) of the pile and the wavelength (LR) represents
the influence of the different widths of the piles on the vibration isolation effect of
the vibration-isolated piles. The formula is shown in Eq. (5).

W ¼ B=LR ð5Þ

(3) Pile spacing parameter S

The ratio S between the pile spacing (s) and the wavelength (LR) indicates the
influence of the density of the pile arrangement on the isolation effect of the
vibration-isolated piles. The formula is shown in Eq. (6).

S ¼ s=LR ð6Þ

(4) Vibration source distance parameter K

The ratio K between the distance from the vibration source (r) and the wavelength
(LR) indicates the influence of the distance from the vibration-isolated pile to the
vibration source on the vibration-isolated effect of the piles. The formula is shown
in Eq. (7).

K ¼ r=LR ð7Þ

4.2 Influence of the Depth Parameter on the Vibration
Isolation Effect of Piles

The length of the pile is the main factor that influences the vibration isolation effect
[18]. First, the distance from the vibration source (r), the width of the pile section
(B), and the pile spacing (s) were controlled. The effects of the pile length (L) on the
vibration isolation of the pile were studied separately; the test arrangement is shown
in Table 3.

The excitation frequency of the exciter ranges from 10 to 150 Hz; 10 Hz is used
as the step length for gradual excitations. After the discrete data are removed, the
remaining data are fitted using MATLAB. Under certain conditions, the regression

Table 3 Test arrangement of the parameter D

Testing
conditions

Distance from the vibration
source r (cm)

Section width of piles
u (cm)

Pile spacing
s (cm)

1 60 15 10

2 50 10 10

3 35 5 10
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equations of the depth parameter (D) and the Ar are shown in Table 4. Significance
tests on the regression equation were calculated to verify the correlations between
the variables. The correlation coefficient R and the F value were derived using
MATLAB. The correlation coefficient R and the F value are used to judge the
statistical significance of the regression equation; if the correlation coefficient R is
greater than the critical value Ra,f and closer to 1 and if the F value is greater than
the critical value Fa, the regression equation is more obvious and the fitting is
better. The Ra,f and Fa values of each testing condition are identified by using the
tables of correlation coefficient critical values [19] and the F distribution table [19],
as shown in Table 4.

Under testing conditions 1, 2, and 3, the correlation coefficient R is greater than
the critical value of Ra,f, and the value of F is greater than the value of Fa from
Table 4. The results show that the regression equation is significant in each testing
condition; thus, the regression equation is meaningful and can be accepted.

The fitting graph of the regression equation for various testing conditions is
shown in Fig. 7.

Figure 7 shows D rapidly increasing from approximately 0.18 to 0.8 and the
value of Ar decreasing rapidly. When D increasing to approximately 0.8, the change
in Ar tends to flatten gradually, and when D is in the approximate range of 1.042–
1.125, the slope of the fitting curve is approximately Ar′ � 0. When the length of
the pile (L) increases, the change in Ar tends to be stable. When the length of the
pile (L) continues to increase, the influence of the vibration isolation effect will be
weakened. Under the conditions of controlling other influencing factors, D = 1.042
can be used as the limiting range of the length of the effective pile body.

4.3 Influence of the Pile Spacing Parameter
on the Vibration Isolation Effect of Piles

The distance between the nearest edges of adjacent piles obviously influences the
vibration isolation effect of the vibration-isolated pile. According to the

Table 4 Correlation analysis for D and Ar

Category Testing
condition 1

Testing
condition 2

Testing
condition 3

Regression equation Ar = 0.069D−1.334 Ar = 0.068D−1.413 Ar = 0.065D−1.406

Degree of freedom (f) 40 42 39

Significance level (a) 0.05 0.05 0.05

Correlation coefficient
(R)

0.9672 0.9465 0.9266

Critical value (Ra,f) 0.3044 0.2973 0.3081

F 4.9531 4.3524 4.5426

Fa 4.0800 4.0720 4.0980
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Fig. 7 Fitting curve of D and Ar
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optimization method of controlling other variables, the pile spacing parameter S is
processed. The specific testing conditions are shown in Table 5.

The excitation method of the parameter S is the same as the parameter D in the
test arrangement. Additionally, the discrete data are removed, and then the
remaining data are fitted. Under certain conditions, the regression equations of the
parameter S and the Ar are shown in Table 6. Statistical significance of the test is
shown in Table 6.

Table 6 shows that the correlation coefficient R is greater than the critical value
of Ra,f and that the F values are greater than the value of Fa. These results show that
the regression equation is significant in each testing condition; thus, the regression
equation is meaningful and can be accepted.

The fitting graphs of the regression equations for the various testing conditions
are shown in Fig. 8.

Figure 8 shows that when S is increasing from approximately 0.013 to 0.0804,
the value of Ar changes slowly and sustains a lower level, demonstrating that a
single-row pile can obtain a better vibration isolation effect. After S increases to
approximately 0.0804, the change in Ar tends to grow rapidly, and then the
vibration isolation effect decreases gradually. Under the conditions of controlling
other influencing factors, the pile spacing (s) can be maintained at a lower level
(S = 0.013), while the better vibration isolation effect can be obtained.

Table 5 Test arrangement of the parameter S

Testing
conditions

Distance from the vibration
source r (cm)

Section width of
piles B (cm)

Pile of the length
L (cm)

1 60 15 50

2 50 10 50

3 35 5 50

Table 6 Correlation analysis of S and Ar

Category Testing condition 1 Testing condition 2 Testing condition 3

Regression
equation

Ar = 0.119 − 1.071S +
9.029S2

Ar = 0.118 − 1.257S +
8.906S2

Ar = 0.093 − 0.936S +
9.015S2

Degree of
freedom (f)

38 41 40

Significance
level (a)

0.05 0.05 0.05

Correlation
coefficient (R)

0.9412 0.9532 0.9715

Critical value
(Ra,f)

0.3120 0.3008 0.3044

F 4.5143 4.6462 4.6523

Fa 4.098 4.076 4.080
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4.4 Influence of the Width Parameter on the Vibration
Isolation Effect of Piles

The influence of the width parameter (W) on the vibration isolation of
vibration-isolated piles is studied; the test arrangement is shown in Table 7.

The excitation method of the parameter W is the same as the parameter D in the
test arrangement. Additionally, the discrete data are removed, and then the
remaining data are fitted. Under certain conditions, the regression equations of the
parameter W and the Ar are shown in Table 8. The statistical significance of the test
is shown in Table 8.

Table 8 shows that the correlation coefficient R is greater than the critical value
of Ra,f and that the F values are greater than the value of Fa. The results show that
the regression equation is significant in each testing condition; thus, the regression
equation is meaningful and can be accepted.

The fitting graphs of the regression equations for the various testing conditions
are shown in Fig. 9.

Figure 9 shows that whenW is increasing from approximately 0.004 to 0.058, the
value of Ar increases rapidly. Additionally, the vibration isolation effect is weakened
rapidly.W increases to approximately 0.058, and with an increase inW, the change in
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Fig. 8 Fitting curve of S and Ar

Table 7 Test arrangement of the parameter W

Testing
conditions

Distance from the vibration source
r (cm)

Pile length
L (cm)

Pile spacing
s (cm)

1 60 50 10

2 50 40 10

3 35 30 10
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Ar tends to gradually shallow. In other words, with an increase in the width of a square
pile, the change in the vibration isolation effect is not significant. This is similar to the
conclusion of Hou En-ping’s [18] study that a single-row vibration-isolated pile
section size change has no significant influence on the vibration isolation effect.When
the vibration-isolated pile is practically engineered, choosing a reasonable section size
of vibration-isolated pile is of guiding significance.

4.5 Influence of the Vibration Source Distance Parameter
on the Vibration Isolation Effect of Piles

When a vibration wave is transmitted over a distance and the energy of the wave is
consumed continuously, it is advantageous to improve the vibration isolation effect

Table 8 Correlation analysis of W and Ar

Category Testing
condition 1

Testing
condition 2

Testing
condition 3

Regression equation Ar = 0.689 W0.106 Ar = 0.694 W0.1562 Ar = 0.632 W0.166

Degree of freedom (f) 37 40 41

Significance level (a) 0.05 0.05 0.05

Correlation coefficient
(R)

0.9345 0.9563 0.9641

Critical value (Ra,f) 0.3160 0.3044 0.3008

F 4.2351 4.5474 4.3542

Fa 4.107 4.08 4.076
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Fig. 9 Fitting curve of W and Ar
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by arranging the positions of the vibration-isolated piles rationally. The specific
testing conditions are shown in Table 9.

The excitation method of the parameter K is the same as the parameter D in the
test arrangement. Additionally, the discrete data are removed, and then the
remaining data are fitted. Under certain conditions, the regression equations of
K and Ar are shown in Table 10. The statistical significance of the test is shown in
Table 10.

Table 10 shows that the correlation coefficient R is greater than the critical value
of Ra,f and that the F values are greater than the value of Fa. The results show that
the regression equation is significant in each testing condition; thus, the regression
equation is meaningful and can be accepted. The fitting graphs of the regression
equations for the various testing conditions are shown in Fig. 10.

Figure 10 shows that when K rapidly increases from approximately 0.031 to
0.291, the value of Ar shows a decreasing phenomenon, and when K increases in
the approximate range from 0.291 to 0.357, regions of minima occur, and the
vibration isolation effect is relatively excellent. When K increases to approximately
0.357, the change in Ar tends to increase gradually. Under the conditions of con-
trolling other influencing factors, K values between 0.291 and 0.357 can be used as
a reference index for determining the reasonable positions of vibration-isolated pile.

Table 9 Test arrangement of the parameter K

Testing
conditions

Section width of piles
B (cm)

Pile length
L (cm)

Pile spacing
s (cm)

1 15 50 10

2 10 40 10

3 5 30 10

Table 10 Correlation analysis of K and Ar

Category Testing condition 1 Testing condition 2 Testing condition 3

Regression
equation

Ar = 0.409 − 0.742K +
1.221K2

Ar = 0.375 − 0.992K +
1.463K2

Ar = 0.449 − 0.720K +
1.213K2

Degree of
freedom (f)

40 41 39

Significance
level (a)

0.05 0.05 0.05

Correlation
coefficient
(R)

0.9561 0.9436 0.9674

Critical
value (Ra,f)

0.3044 0.3008 0.3081

F 4.1124 4.3513 4.8521

Fa 4.08 4.076 4.08

Research on the Influences of the Geometric Parameters … 27



5 Size Optimization of Two Factors

5.1 Two-Factor Data Processing

In single-factor analysis, the influences of the pile length (L), the pile
cross-sectional size (B � B), the pile spacing (s), and the vibration source distance
(r) on the vibration isolation effect of the single-row pile are analyzed individually.
The influence of the pile length (L) on the vibration isolation effect is the most
obvious.

Therefore, the parameters of the two-factor analysis are introduced into the
length of the pile using the single-factor analysis results of the reasonable pile
length (L) range and are then used to define the reasonable range of the section
width (B), the pile spacing (s), and the vibration source distance (r).

The setting parameters are as follows:

(1) Slenderness ratio d

The ratio d between the section width (B) and the length of the pile (L) represents
the degree of elongation of the pile. The formula is shown in Eq. (8).

d ¼ B=L ð8Þ

(2) Relative spacing of piles b

The ratio b between the pile spacing (s) and the length of the pile (L) represents the
single-row piles’ layout density. The formula is shown in Eq. (9).
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b ¼ s=L ð9Þ

(3) Relative vibration source distance c

The ratio c between the distance from the vibration source (r) and the length of the
pile (L) represents the position of a single-row pile relative to the vibration source.
The formula is shown in Eq. (10).

c ¼ r=L ð10Þ

5.2 Influence of the Slenderness Ratio d on the Vibration
Isolation Effect of the Piles

The vibration isolation effect of the pile width and the length of the pile were
studied by preparing a test group and a control group, respectively. The test results
of the experimental group were validated by the test results of the control groups.
The specific testing conditions are shown in Table 11.

In the test and control groups, the section width of the pile was 5, 10, or 15 cm
corresponding to a length of each section size of 30, 40, and 50 cm, respectively;
the ratio d has nine kinds of values. Vibration frequencies of 10, 50, and 100 Hz
were selected, and then the vibration frequencies were tested. The vibration iso-
lation effect of each testing condition was compared. The results of the test are
shown in Figs. 11 and 12.

Figure 11 shows that the corresponding graphs of the two groups show a similar
trend. When d is between 0.1 and 0.2, corresponding value of Ar changes gently.
When d is greater than 0.2, the value of Ar increases rapidly with the d. For each
high, medium, and low frequency, the rule is consistent insomuch that the value of
Ar increases with d, showing a smooth change in a certain interval and then an
increasing phenomenon.

Figure 12 shows that the change laws of the corresponding figures in the test and
control groups are consistent with those of the two groups.

Using both Figs. 11 and 12 and further analyzing the test results, it is found that
when the size of the pile has a smaller d for a vibration-isolated piles, it can obtain a

Table 11 Test arrangement of the parameter d

Testing
conditions

Test group Testing
conditions

Control group

Pile
spacing
s (cm)

Distance from the
vibration source
r (cm)

Pile
spacing
s (cm)

Distance from the
vibration source
r (cm)

1 10 50 3 15 50

2 10 60 4 15 60
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better vibration isolation effect; when the size of the vibration-isolated pile is less
than d, the vibration isolation effect of a vibration-isolated pile is weakened. The
vibration isolation effect of the vibration-isolated pile is maintained at a good level
when d is kept between 0.1 and 0.2.

5.3 Influence of the Relative Spacing of the Piles b
on the Vibration Isolation Effect of the Piles

The relative spacing of the pile (b) reflects the influence of the density of the
vibration-isolated piles on the vibration isolation effect. To study the relationship

0.1 0.15 0.2 0.25 0.3 0.35 0.4
Slenderness ratio

0

0.2

0.4

0.6

0.8

1

R
ed

uc
tio

n
ra

tio
of

am
pl

itu
de

A
r

10Hz
50Hz

100Hz
150Hz

0.1= = 0.2

(a) Changing relation between Ar and δ for testing condition 1 

0.1 0.15 0.2 0.25 0.3 0.35 0.4
Slenderness ratio 

0

0.2

0.4

0.6

0.8

1

R
ed

uc
tio

n
ra

tio
of

 th
e 

am
pl

itu
de

 A
r

10Hz
50Hz

100Hz
150Hz

= 0.1
= 0.2

(b) Changing relation between Ar and δ for testing condition 2 

Fig. 11 Changing relation between Ar and d in the experimental group
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between b and Ar, the test group and control group were prepared; the test
arrangement is shown in Table 12.

The specifications of the vibration-isolated pile and the excitation frequencies
used in the test are the same as the arrangement of the d test, and the test results are
shown in Figs. 13 and 14.

Figure 13 shows that the corresponding figures of the two group testing con-
ditions show a similar trend in the two group testing conditions for the test
group. For each of the high, medium, and low excitation frequencies in the figure,
the value of Ar increases rapidly with an increase in b.

Figure 14 shows that the change laws of the corresponding figures in the test and
control groups are consistent with those of the two groups.
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Table 12 Test arrangement of the parameter b

Testing
conditions

Test group Testing
conditions

Control group

Section width
B (cm)

Distance
from the
vibration
source
r (cm)

Section width
B (cm)

Distance
from the
vibration
source
r (cm)

1 10 50 3 15 50

2 10 60 4 15 60
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Fig. 13 Changing relation between Ar and b for the experimental group
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Using both Figs. 13 and 14, it is found that when b is small, the single-row pile
has a better isolation effect when adopting a long pile and a dense arrangement;
when b is large, the isolation effect of the vibration-isolated pile will weaken when
a sparse arrangement of short piles is used.
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Fig. 14 Changing relation between Ar and b for the control group
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5.4 Influence of the Relative Vibration Source Distance c

on the Vibration Isolation Effect of the Piles

The relative vibration source (c) reflects the influence of the arranged positions of
vibration-isolated piles on the vibration isolation effect. The test group and control
group were prepared to study the relationship between c and Ar; the test arrange-
ment is shown in Table 13.

The specifications of the vibration-isolated pile and the excitation frequencies
used in the test are the same as those in the arrangement of the d test; the test results
are shown in Figs. 15 and 16.

Figure 15 shows that the corresponding figures of two group testing conditions
show similar trends in the two group testing conditions for the test group. For each
of the high, medium, and low excitation frequencies in the figure, c rapidly grows
from approximately 0.7 to 0.9, and the value of Ar decreases gradually with an
increase in c. When c increases from approximately 0.9 to 1.2, regional minima are
presented, and when c increases to approximately 1.2, with an increase in c, the
change in Ar tends to increase gradually.

Figure 16 shows that the change laws of the corresponding figures in the test and
control groups are consistent with those of the two groups.

Using both Figs. 15 and 16, it is found that if the position of the
vibration-isolated pile is not closer to the vibration sources, a better vibration
isolation effect can be obtained by a vibration-isolated pile. However, when the
layout of the vibration-isolated pile satisfies the requirement that the c reaches the
range of 0.9–1.2, it can obtain a better vibration isolation effect.

Table 13 Test arrangement of the parameter c

Testing
conditions

Test group Testing
conditions

Control group

Section width
B (cm)

Pile
spacing
s (cm)

Section width
B (cm)

Pile
spacing
s (cm)

1 10 10 3 15 10

2 10 15 4 15 15
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6 Conclusions

To study each of the factors that affect the vibration isolation effect of a concrete
vibration-isolated pile, single-factor analysis and two-factor analysis methods are
applied on model tests while considering the length of the pile and the pile cross
section; the following conclusions are obtained:

(1) When D increases to approximately 1.042–1.125, the change in Ar tends to
become stable with an increase in the length of the pile (L). When the length of
the pile (L) continues to increase, the enhancement of the vibration isolation
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Fig. 15 Changing relation between Ar and c for the experimental group
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effect will be nonsignificant. When the depth parameter (D = 1.042) can be
used as the limit range of the length of the effective pile body, a better vibration
isolation effect can be obtained.

(2) When the width of a vibration-isolated pile increases, the change in the
vibration isolation effect is not significant; when the vibration-isolated pile is
furnished and the pile spacing (s) is bigger, the vibration isolation effect will
weaken.

(3) When the position of a vibration-isolated pile is not closer to the vibration
source, a better vibration isolation effect can be obtained by a vibration-isolated
pile. When K is between 0.291 and 0.357, it can be used as a reference index
for determining reasonable positions of vibration-isolated piles.
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(4) The vibration-isolated pile length (L) has the most obvious influence on the
vibration isolation effect when increasing the length of the vibration-isolated
pile, and Ar can reach levels below 0.1.

(5) When the slenderness ratio (d) is between 0.1 and 0.2, a vibration-isolated pile
can obtain a better vibration isolation effect, and the minimum value of Ar can
reach 0.2. If the relative pile spacing (b) is larger, the vibration isolation effect
of a vibration-isolated pile is worse.

(6) If the location of a vibration-isolated pile is not close to the source of vibration,
the vibration-isolated pile can obtain a better vibration isolation effect, and if
the relative vibration source distance (c) is between 0.9 and 1.2, the value of Ar
can reach 0.3 * 0.4.
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Vibration Isolation Mechanism of Row
Piles Under Single-Point Excitation

Jing-lei Liu , Rui-heng Zhang , Xiao-yu Zhao and Huan Liu

Abstract To study the vibration isolation mechanism of row piles exposed to
vibrations generated at a single point, a finite element model of a foundation using
infinite element boundaries is established based on the theory of an elastic
half-space body. The model included a single-point vibration source in the free field
and piles arranged in a row, and corresponding contour maps of the amplitude
dissipation ratio (Ar) were drawn. The results show that the vibration waves radiate
out from the excitation point and that their acceleration amplitude decays contin-
uously. The overall vibration isolation progressively improves as the number of
piles and the row depth increase. However, the degree of improvement in the
isolation effect decreases with increasing depth. If the spacing between row piles is
too large, the vibration isolation effect of the row piles will be unsatisfactory.
However, reducing the row spacing does not necessarily improve the vibration
isolation effect of row piles. Compared with a hollow pile, a solid pile has a better
vibration isolation effect, but the difference is not significant. Additionally, the
vibration isolation effect of a circular pile is worse than that of a square pile. As the
distance between the vibration source and the row piles decreases, the isolation
effect becomes more pronounced, but the difference is not pronounced.
Furthermore, the isolation effect of row piles is better for low-frequency vibrations
than for intermediate- and high-frequency vibrations.
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1 Foreword

With the rapid development of modern industry and accelerating urbanization,
contamination from various types of environmental vibrations has received wide-
spread public attention [1–3]. International organizations have listed vibration
pollution as one of the seven major environmental hazards in the world [4].

Currently, vibration pollution control is one of the most important topics being
investigated by scholars in China and abroad [5, 6]. Yang et al. [7] suggested that
installing vibration isolation barriers in foundation soil can effectively control
environmental vibration pollution. Woods [8] studied a discontinuous insulation
barrier and proposed that the pile diameter of a single-row pile isolation barrier
should be greater than one-sixth the wavelength of the barrier. Andersen and
Nielsen [9] studied empty and filled trenches and found that empty trenches are
more effective isolation barriers. Furthermore, a combined barrier involving both
empty trenches and row piles is more effective than using a single isolation barrier
alone. Aviles and Sanchez-Sesma [10, 11] studied the scattering effect of single-row
piles on an SH wave and showed that the vibration isolation effect of a rigid pile is
better than that of a flexible pile. Hayakawa [12] studied the mechanism and
propagation laws of vibration waves and proposed a prediction method for envi-
ronmental vibration levels. Xu et al. [13] and Xia et al. [14] studied the effects on
the vibration isolation of various forms of barriers with respect to SV waves and
proposed that the vibration isolation effect of discontinuous hollow pipe pile bar-
riers increases with decreasing pile spacing, providing a basis for practical appli-
cations. Shi and Gao [15] used a semi-analytic boundary element method to study
the vibration isolation of far-field single-row piles in saturated soils. These
researchers concluded that increasing the pile length, pile diameter and pile shear
modulus effectively improves the vibration isolation effect of row piles. Ba et al.
[16] considered the influence of the track and layered foundations and studied the
vibration isolation effect of empty trenches on a foundation using the
2.5-dimensional indirect boundary element method. They concluded that different
foundation models, the depth of the empty trenches and the distance between the
empty trenches and the foundation impact the vibration isolation effect. Chen and
Huang [17] studied the vibration isolation effect of filled trenches for traffic
vibrations in viaducts and concluded that ring-shaped filled trenches can achieve a
good vibration isolation effect. Feng et al. [18] and Zhang et al. [19] used model
tests to analyze the vibration isolation effects of typical vibration isolation barriers,
such as empty trenches, filled trenches and row piles, and these researchers obtained
results that are beneficial to engineering practice.

These results demonstrate that various types of vibration isolation barriers can
help mitigate vibration pollution, and we describe studies on the effects of vibration
isolation factors associated with vibration isolation barriers. Most of these studies
examined points or lines behind the isolation barrier, but few studies have examined
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the sources of vibrations and planes within a certain range around the barrier.
Therefore, to objectively describe the vibration isolation effect of a row pile system
in a plane within a certain range subjected to single-point vibration, we compare the
vertical acceleration at the ground surface at points where no vibration isolation
measures are available to that at points where row pile vibration isolation is
available to determine the surface amplitude dissipation ratio (Ar). Additionally,
this work creates a corresponding Ar contour map, determines the effect of different
factors on the vibration isolation effect over a certain range and acts as a reference
for research on vibration and vibration isolation.

2 Vibration Isolation Principle

When operating a train, track irregularities, orbital seams, and wheel and track
interactions generate a reciprocating load at a certain speed, which is transmitted to
and propagates through the surrounding soil, vibrating the soil. This process is the
main cause of vibrations in rail transit systems. Because of its small dynamic strain,
this vibration appears as an elastic wave in the soil. Therefore, for rail transit
vibrations, the soil can be analyzed as an elastic half-space body. Jiang et al. [20]
numerically calculated the integral expression of the half-space body response and
obtained the response and surface displacement of all points inside the elastic
half-space body. A vibration wave propagates in the soil in the form of a body wave
and a surface wave. The vibration wave propagates along the surface of the soil,
mainly in the form of a surface wave, and the main component of the surface wave
is a Rayleigh wave. Rayleigh waves are surface waves that propagate at a one-time
wavelength depth. The decay rate of the wave is slow, causing the ground to vibrate
violently. Because of the large difference in the impedance ratio between a vibration
isolation barrier and the soil, vibration isolation measures placed in the transmission
path of a vibration wave can block the vibration wave. A vibration wave advances
in a uniform medium without changing direction. When the vibration wave
encounters an obstacle, it is decomposed into a reflected wave, a diffracted wave
and a transmitted wave. This effect is the basic mechanism responsible for the
shielding effect of a barrier.

3 Verifying the Validity of Finite Element Analysis

To verify the effectiveness of finite element analysis for vibration-related fields,
model tests were conducted, and finite element models of the same size as the
model tests were established. The results were compared to ensure that the results of
the finite element analysis are consistent with the actual results.
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3.1 Model Test Overview

The model test used an outdoor square sand pit with a length � width � height of
3.0 � 2.0 � 1.5 m filled with 98% sand with a grain size distribution ranging from
1.75 to 0.075 mm. The soil moisture content was maintained at 9–10%. The soil
mass was layered and compacted. The soil density was 1700–1800 kg/m3. The test
adopted a WS-Z30 shaking table control system. The equipment mainly included a
data acquisition controller, a power amplifier, a charge amplifier, an exciter, a signal
generator, an accelerometer amplifier and an acceleration sensor.

The row piles were fabricated from C30 concrete with a square cross section,
with cross-sectional dimensions of 10.0 � 10.0 cm and a height of 40 cm. The first
pile was positioned at the geometric center of the row pile test site, and the other
piles were arranged at 15 cm intervals in the transverse direction. The exciter used
in the experiment was positioned 90 cm in front of the central pile. The test used
four accelerometers on the soil surface along the longitudinal axis to collect vertical
acceleration data from the soil itself. Sensor #1 was placed 10 cm in front of the
row piles, and sensors #2–4 were placed 10 cm, 20 cm and 50 cm behind the row
piles, respectively. The pile and sensor layout are shown in Fig. 1. For the
experiment, a sine wave with an excitation frequency of 10 Hz was selected, and a
sampling frequency of 5000 times/s was used with a sampling time of 10 s. During
this period, the charge amplifier values needed to be consistent.

3.2 Finite Element Model Overview

3.2.1 Model Size and Boundary Settings

In this paper, a three-dimensional model is used for calculation, and a finite element
model of the same size as the model test is established. To prevent the model from
acting as a fixed boundary and causing vibration wave reflection, an infinite element
is used as the perimeter and the bottom boundary. Therefore, the CIN3D8 infinite
element is used for the surrounding and bottom elements of the model, while the
other parts use the finite element C3D8R three-dimensional stress element. The
finite element model is shown in Fig. 2.

3.2.2 Model Material Parameters and Load Selection

The model soil and pile material parameters are shown in Table 1. The
three-dimensional stress element uses sand properties, and the surrounding and
bottom infinite elements use soil properties to simulate the actual situation of the
test site more accurately.

The test uses an excitation frequency of 10 Hz. The vibration load includes a
static load and a dynamic load, as shown in Eq. (1):

42 J. Liu et al.



Fig. 1 Layout of concrete
pile and sensor

Fig. 2 FE model
corresponding to the size of
the experiment
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FðtÞ ¼ P0 þP1 sin x1tð Þ ð1Þ

where P0 (kN) is the exciter’s weight, P1 (kN) is the dynamic load peak, and x1 is
the vibration circle frequency.

According to the experimental data, the excitation function is shown in Eq. (2).

FðtÞ ¼ 0:25þ 0:08 sin 62:8t ð2Þ

3.3 Comparison of Results

3.3.1 Data Processing Method

The row pile vibration isolation effect is expressed using Ar. The expression is
shown in Eq. (3), and the smaller the value of Ar is, the better the vibration isolation
effect [17].

Ar ¼ a1
a0

ð3Þ

In the above equation, a1 is the acceleration value with vibration isolation
measures, and a0 is the acceleration value without vibration isolation measures.

3.3.2 Comparison of the Model Test and FE Calculation Results

To verify the reliability of the finite element analysis calculation, a model of the
same size as the finite element model was used for comparison with the finite
element model. In the calculation of the model test and the finite element model,
two isolation schemes, i.e., no vibration isolation measures and row pile vibration
isolation (section size: 5.0 cm; depth: 40.0 cm; pile spacing: 15.0 cm), were used.
A vibration force at a frequency of 10 Hz was used, and the test results are
expressed as vertical acceleration.

Figure 3 and Table 2 show the soil acceleration values and amplitude dissipation
ratio for the model test and the finite element analysis for two conditions. In the
model test and the finite element analysis, the vertical acceleration at a distance of

Table 1 Material parameters

Type Density (kg m−3) Elastic modulus (Pa) Poisson’s ratio a b

Sand 1750 2.00E+07 0.3 0.406 0.072

Soil 1900 2.00E+07 0.3 0.406 0.072

Pile 2200 2.20E+10 0.2 0.112 0.020
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80 cm from the vibration source increased after the isolation barrier was set; the
amplitude dissipation ratios were 111.36 and 110.45%, respectively. This effect is
observed because a reflected wave is generated at the front of the piles in the
isolation barrier, which increases the vertical acceleration. In the model test and
finite element analysis, the amplitude dissipation ratios of the measurement points
behind the isolation barrier were 70.21–74.36 and 68.57–80.95%, respectively.
Thus, the accelerations were lower by 19.05–31.43 and 25.64–29.79%,

(a) Model test

(b) Finite element analysis

Fig. 3 Changes in
acceleration as a function of
distance

Table 2 Comparison of the acceleration for the two conditions

Vibration
source
distance
(cm)

Model test Finite element analysis

Acceleration (m s−2) Amplitude
dissipation
ratio (Ar)
(%)

Acceleration (m s−2) Amplitude
dissipation
ratio (Ar)
(%)

No
vibration
isolation
measures

Row pile
vibration
isolation

No
vibration
isolation
measures

Row pile
vibration
isolation

80 0.067 0.074 110.45 0.044 0.049 111.36

110 0.047 0.033 70.21 0.035 0.024 68.57

120 0.044 0.031 70.45 0.027 0.021 77.78

150 0.039 0.029 74.36 0.021 0.017 80.95
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respectively. There is a better vibration isolation effect within a certain range of the
row pile. The model test is consistent with finite element analysis in terms of
regularity. In summary, finite element analysis reflects the effectiveness of the
vibration isolation barrier and verifies its feasibility for predicting vibration isola-
tion effects.

4 Establishing the Finite Element Model and Design
Scheme

4.1 Establishing the Finite Element Model

4.1.1 Model Size and Boundary Settings

This study uses ABAQUS software to create a three-dimensional model for the
calculations. The model surface layout is shown in Fig. 4.

The model is based on the theory of an elastic half-space body. To prevent the
model from requiring a fixed boundary and causing the reflection of any vibration
waves, an infinite boundary is used as the surrounding and bottom boundaries. The
length, width and height of the model are 50 m, 50 m and 30 m, respectively.
A CIN3D8 infinite element with a thickness of 10 m is used for the surrounding and
bottom units; other parts use a C3D8R three-dimensional stress unit with dimen-
sions of 30 � 30 � 20 m. To prevent the infinite boundary from affecting the
surroundings, 5 m finite element units are left as transitional areas. The constant
value line drawing area is centered at 20 � 20 m. The finite element calculation
model is shown in Fig. 5.

Infinite boundary area

Contour map area

Pile area

20m
5m

10m

30m

50m

5m

Fig. 4 Model surface layout
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4.1.2 Model Material Parameters

The model was calculated using elastic materials. The model material parameters
are shown in Table 3.

Because the vibration waves are attenuated in the soil and piles, it is necessary to
provide damping to the soil and piles. The model uses Rayleigh damping in
ABAQUS to define the damping of soil and piles. For the soil, the mass damping
coefficient a is 0.406, and the stiffness damping coefficient b is 0.072. For the pile–
soil system, the mass damping coefficient a is 0.112, and the stiffness damping
coefficient b is 0.020.

4.1.3 Vibration Load Setting

Single-point vibration excitation is used to generate the vibration. The vibration
uses a simple harmonic wave. A vibration force function is used to simulate the
vibration load, which includes a static load simulation of the total vibration source
weight and a dynamic load to simulate a source vibration. The expression is shown
in Eq. (4):

FðtÞ ¼ P0 þP1 sin x1tð Þ ð4Þ

Fig. 5 Finite element
calculation model

Table 3 Model material parameters

Type Density (kg m−3) Elastic modulus (Pa) Poisson’s ratio

Soil 1900 2.00E+07 0.300

Pile 2500 2.20E+10 0.200
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where P0 (kN) is the total weight of the vibration source and P1 (kN) is the vibration
load peak corresponding to the vibration source circular frequency x1.

The total weight of the vibration source is P0 = 100 kN, and the expression of
the peak vibration load P1 is shown in Eq. (5):

P1 ¼ M0a1x1 ð5Þ

where a1 (mm) is the amplitude corresponding to the vibration source circular
frequency x1 and M0 (kg) is the mass of the vibration source.

The mass of the vibration source is M0 = 750 kg, and the vibration wave
amplitude a1 in different frequency ranges is shown in Table 4. The expression of
the circular frequency x1 is shown in Eq. (6):

x1 ¼ 2pf ð6Þ

where f (Hz) is the vibration wave frequency.
The low, intermediate and high frequencies are represented by 10 Hz, 50 Hz and

120 Hz, respectively. The low-, intermediate- and high-frequency vibration func-
tions are given by Eqs. (7), (8) and (9), respectively:

FðtÞ ¼ 100þ 10:35 sin 62:8tð Þ ð7Þ

FðtÞ ¼ 100þ 29:58 sin 314:0tð Þ ð8Þ

FðtÞ ¼ 100þ 34:07 sin 753:6tð Þ ð9Þ

4.2 Schematic Design

This study changes the number of piles, pile depth, pile spacing, pile shape,
vibration source to row pile distance and source vibration frequency. The influence
of different factors on the vibration isolation of row piles is studied by generating an
Ar contour map. The smaller the Ar value behind the row piles is, the better the
vibration isolation effect. The specific scheme is shown in Table 5.

Experiment nos. 0–1 to 0–5 are isolation tests without vibration. Because the
row piles are noncontiguous vibration isolation barriers, the relative locations of the
vibration source and the row piles are divided into two situations: the vibration
source directly opposite the pile center and the vibration source directly between
two piles. A schematic diagram is shown in Fig. 6.

Table 4 Vibration wave
amplitude in different
frequency bands

Frequency Amplitude a1 (mm)

Low frequency 3.5

Intermediate frequency 0.4

High frequency 0.08
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Table 5 Test plan table

Test
number

Number
of piles

Pile
depth
(m)

Pile
spacing
(m)

Pile
shape

Vibration
source to row
pile distance
(m)

Source
vibration
frequency
(Hz)

Vibration
source
location

0–1 0 – – – 1 10 –

0–2 0 – – – 3 10 –

0–3 0 – – – 5 10 –

0–4 0 – – – 3 50 –

0–5 0 – – – 3 120 –

1 1 10 1.0 Solid
square

3 10 Pile
center

2 2 10 1.0 Solid
square

3 10 Between
two piles

3 3 10 1.0 Solid
square

3 10 Pile
center

4 4 10 1.0 Solid
square

3 10 Between
two piles

5 14 10 1.0 Solid
square

3 10 Between
two piles

6 15 10 1.0 Solid
square

3 10 Pile
center

7 14 5 1.0 Solid
square

3 10 Between
two piles

8 15 5 1.0 Solid
square

3 10 Pile
center

9 14 15 1.0 Solid
square

3 10 Between
two piles

10 15 15 1.0 Solid
square

3 10 Pile
center

11 14 10 0.5 Solid
square

3 10 Between
two piles

12 15 10 0.5 Solid
square

3 10 Pile
center

13 14 10 1.5 Solid
square

3 10 Between
two piles

14 15 10 1.5 Solid
square

3 10 Pile
center

15 14 10 1.0 Hollow
square

3 10 Between
two piles

16 15 10 1.0 Hollow
square

3 10 Pile
center

17 14 10 1.0 Solid
circle

3 10 Between
two piles

18 15 10 1.0 Solid
circle

3 10 Pile
center
(continued)
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Table 5 (continued)

Test
number

Number
of piles

Pile
depth
(m)

Pile
spacing
(m)

Pile
shape

Vibration
source to row
pile distance
(m)

Source
vibration
frequency
(Hz)

Vibration
source
location

20 15 10 1.0 Solid
square

1 10 Pile
center

21 14 10 1.0 Solid
square

5 10 Between
two piles

22 15 10 1.0 Solid
square

5 10 Pile
center

23 14 10 1.0 Solid
square

3 50 Between
two piles

24 15 10 1.0 Solid
square

3 50 Pile
center

25 14 10 1.0 Solid
square

3 120 Between
two piles

26 15 10 1.0 Solid
square

3 120 Pile
center

(a) Vibration source directly opposite the pile center

Vibration
  source

Pile area

(b) Vibration source directly between two piles

Vibration
  source

Pile area

Fig. 6 Relative locations of
the vibration source and the
row piles
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5 Analysis of the Results

5.1 Analysis of the Acceleration Characteristics of Row Pile
Vibration Isolation

To study and analyze the characteristics of the vibration propagation from vibration
excitation at a single point and the principle of the vibration isolation of row piles,
contour maps of acceleration were drawn for situations with and without row pile
vibration isolation. No vibration isolation was used in test no. 0–2, and row pile
vibration isolation was used in test no. 6. The data acquisition interval is 1 m, and a
total of 441 measurement point data were collected. The acceleration contours from
test no. 0–2 are shown in Fig. 7. The acceleration contours for test no. 6 are shown
in Fig. 8.

As shown in Fig. 7, in the absence of vibration isolation, the vibration wave is
centered on the excitation point and spreads outward. The acceleration is constantly
attenuated as the distance increases. During the initial period, the acceleration decay
rate is fast but gradually decreases as the distance increases. Finally, the acceler-
ation gradually levels off and slowly approaches zero.

As shown in Fig. 8, the acceleration diffuses to the periphery behind the row pile
vibration isolation. Acceleration near the excitation point is greater than that in the
isolation case without vibration, and the rate of acceleration decay increases. At the
same time, the acceleration in the area far from the excitation point is considerably
less than that in the isolation case without vibration.

To further analyze the acceleration attenuation characteristics of row pile
vibration isolation, the profile line L1 passing through the excitation point and
parallel to the y-axis was used as the reference line to create an acceleration profile.
The results are shown in Figs. 9 and 10.

As shown in Fig. 9, the vibration point is located at 2 m, and the acceleration is
2.553 m/s2. As the distance from the excitation point increases, the acceleration and
the acceleration attenuation rate decrease. The acceleration decreases most rapidly
at distances from 2 to 3 m, and the acceleration is 0.774 m/s2 at 3 m. The accel-
eration decreased by 1.279 m/s2 compared to that of the excitation point, corre-
sponding to approximately 62.30% of the acceleration at the excitation point. From
3 to 6 m, the rate of acceleration decay gradually decreases, with the acceleration at
6 m being 0.162 m/s2, corresponding to 29.84% of the acceleration at the excitation
point. From 6 to 20 m, the acceleration decays slowly and gently, and the accel-
eration is reduced to 7.72% of that at the excitation point.

As shown in Fig. 10, the excitation point is located at 2 m, and the row piles are
arranged in the range from 5 to 6 m. Compared with the isolation case without
vibration, the case with row piles features greater acceleration near the excitation
point because the row piles reflect the vibration wave; however, the acceleration
attenuation is more rapid. The acceleration at the excitation point is 2.278 m/s2,
which is 10.96% higher than that without vibration isolation. From 2 to 6 m, the
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Fig. 7 Acceleration contour map for test no. 0–2

Fig. 8 Acceleration contour map for test no. 6
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acceleration decays rapidly, with an acceleration at 6 m of 0.084 m/s2, corre-
sponding to 96.30% of that at the excitation point. The acceleration is 47.78% lower
than that at the same position in the isolation case without vibration, meaning that
the row piles had an obvious vibration isolation effect. From 5 to 20 m, the
acceleration slowly declines with a gentle trend, and the acceleration reaches 3.62%
of that at the excitation point.

To further study the acceleration change induced by the row piles, acceleration
results at each point in test no. 6 are divided by those at each point in test no. 0–1 to
obtain the Ar value at each point and to draw an Ar contour map. The results are
shown in Fig. 11.

Figure 11 shows that, in front of the row piles and especially in the area near the
middle line, the Ar in most areas is greater than 1.0 because the vibration wave
reflects off the row piles. Behind the row piles, the Ar values are between 0.3 and
0.7, which represents a good vibration isolation effect. In particular, in the area far
from the midline, Ar is 0.3–0.4, and the vibration isolation effect is good. Ar near

Fig. 9 Acceleration profile
for line L1 in test no. 0–2

Fig. 10 Acceleration profile
for line L1 in test no. 6
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the midline area is 0.4–0.7. This finding reveals that areas closer to the midline
exhibit larger Ar values. The convergence of diffracted waves causes large Ar
values from 0.6 to 0.7.

5.2 Influence of the Row Pile Parameters on the Vibration
Isolation Effect

5.2.1 Number of Row Piles

Next, we examined the effect of the numbers of row piles on the vibration isolation
effect. Using a single pile (test no. 1), two piles (test no. 2), three piles (test no. 3),
four piles (test no. 4), a row of piles (test no. 5 and no. 6) and a test without
isolation (test no. 0–2), Ar contour maps were created and analyzed. The results are
shown in Figs. 12, 13, 14, 15, 16 and 17. The squares filled with cross-hatching
show the arrangement of the row piles.

From Figs. 12, 13, 14, 15, 16 and 17, we see that the vibration isolation effect
becomes more obvious as the number of row piles increases. For vibration isolation
using a single pile, the vibration isolation effect is good on both sides of the pile and
in the rear area. Ar is essentially less than 0.6, and part of the area behind the single
pile reaches values less than 0.5. In the vibration isolation case using two piles, the

Fig. 11 Comparison of acceleration between test no. 6 and test no. 0–1
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Fig. 12 Test no. 1 Ar contour map

Fig. 13 Test no. 2 Ar contour map
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Fig. 14 Test no. 3 Ar contour map

Fig. 15 Test no. 4 Ar contour map
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Fig. 16 Test no. 5 Ar contour map

Fig. 17 Test no. 6 Ar contour map
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areas between and on both sides of the two piles experience the best vibration
isolation effect, and the middle-rear area of the two piles also sees positive effects.
However, poor isolation is observed immediately behind the two piles. For the
vibration isolation case using three piles, there is a poor vibration isolation effect in
the rear area but a good vibration isolation effect on both rear sides. In the vibration
isolation case using four piles, the vibration isolation effect is similar to but slightly
worse than that for a row of piles. The vibration isolation effect is good on both
sides of the isolation piles, but the isolation effect on the rear side of the isolation
piles is poor. For the vibration isolation case using a row of piles, the overall
vibration isolation effect is the same regardless of whether the vibration source is
directly opposite the pile center or the vibration source is directly between the two
piles. Behind the row of piles, the vibration isolation effect on both sides is better
than that in the middle area. In addition, the vibration isolation effect when the
vibration source is directly between the two piles is slightly better than that when
the vibration source is directly opposite the pile center.

5.2.2 Pile Depth

Next, we studied the effect of different pile depths on the vibration isolation effect.
Depths of 5 m (tests no. 7 and no. 8), 10 m (tests no. 5 and no. 6), 15 m (tests no.
9 and no. 10) and a test without isolation (test no. 0–2) were used to draw Ar
contour maps, which were then analyzed. The results are shown in Figs. 16, 17, 18,
19, 20 and 21.

From Figs. 16, 17, 18, 19, 20 and 21, we see that the trend for the vibration
isolation effect is generally the same, and a vibration superposition enhancement
region appears in the front of the row piles. The overall vibration isolation effect in
the rear of the row piles is good, and the vibration isolation effect on both sides of
the row piles was better than that in the middle area. This pattern is observed
because of vibration wave convergence in the middle. In addition, the vibration
isolation effect when the vibration source is directly between the two piles is
slightly better than that when the vibration source is directly opposite the pile
center.

Figures 18 and 19 show Ar contour maps constructed at a 5 m depth. Compared
with the case with a 10 m row depth, the case with a 5 m row depth features areas
with worse vibration isolation effects on both sides and in the middle. In general,
the vibration isolation effect at a row depth of 5 m is worse than that at a depth of
10 m.

Figures 20 and 21 show Ar contour maps constructed at a 15 m depth. The area
with poor vibration isolation in this case is smaller than that in the case with a 10 m
depth. In general, the vibration isolation effect for a row depth of 15 m is better than
that for a row depth of 10 m, but the difference is not large.

In summary, the vibration isolation effect increases as the depth of the row piles
increases, but the ability to increase the vibration isolation effect decreases as the
depth of the row piles increases.
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Fig. 18 Test no. 7 Ar contour map

Fig. 19 Test no. 8 Ar contour map
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Fig. 20 Test no. 9 Ar contour map

Fig. 21 Test no. 10 Ar contour map
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5.2.3 Pile Spacing

Next, we investigated the effect of pile spacing on the vibration isolation effect
using a spacing of 0.5 m (tests no. 11 and no. 12), a spacing of 1 m (tests no. 5 and
no. 6), a spacing of 1.5 m (tests no. 13 and no. 14) and a test without isolation to
construct and analyze Ar contour maps. The results are shown in Figs. 16, 17, 22,
23, 24 and 25.

From Figs. 16, 17, 22, 23, 24 and 25, we see that the vibration isolation effect
changes greatly with the pile spacing and that the vibration wave superposition area
appears in front of the row piles. When the pile spacing is 0.5 or 1.0 m, the isolation
effect of the row piles is generally good. However, when the pile spacing is 1.5 m,
there is a large area with poor isolation behind the row piles.

Figures 22 and 23 show Ar contour maps for a pile spacing of 0.5 m. Compared
with a pile spacing of 1.0 m, the pile spacing of 0.5 has a larger area with an Ar of
0.6 and a smaller area with an Ar of 0.4. However, this pile spacing also has a larger
area with an Ar between 0.5 and 0.6. When the vibration source is between two
piles, there are several small areas with Ar values greater than 0.8 and an area with
Ar values of less than 0.4 alternating with Ar values from 0.4 to 0.5. When the
vibration source is directly opposite the pile center, only three small areas at the
midline feature Ar values greater than 0.6; however, the area with Ar values of 0.4–
0.5 is considerably larger.

Fig. 22 Test no. 11 Ar contour map
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Fig. 23 Test no. 12 Ar contour map

Fig. 24 Test no. 13 Ar contour map
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Figures 24 and 25 show Ar contour maps for a pile spacing of 1.5 m. Compared
with a pile spacing of 1.0 m, the pile spacing of 1.5 m is associated with few areas
that have an Ar value less than 0.4, and an area where Ar is greater than 0.8 is
present in the middle. When the vibration source is between two piles, the area with
poor vibration isolation expands to the rear in an inverted triangle shape. Large
areas with poor vibration isolation exhibit Ar values greater than 0.9. The overall
vibration isolation effect is poor. When the vibration source is directly opposite the
pile center, the overall trend is similar to that when the vibration source is between
two piles. However, when the vibration source is directly opposite the pile center,
the overall Ar value is lower by 0.1–0.2, and the vibration isolation effect is slightly
better than that when the vibration source is between two piles but is still poor
compared to that with a pile spacing of 1.0 m.

In summary, changing the pile spacing greatly impacts the vibration isolation
effect of row piles. Excessive pile spacing will cause an unsatisfactory vibration
isolation effect but reducing the pile spacing may not improve the vibration iso-
lation effect.

5.2.4 Pile Shape

To examine the effect of pile shape on the vibration isolation effect, we tested
hollow square piles (tests no. 15 and no. 16), solid square piles (tests no. 5 and no.

Fig. 25 Test no. 14 Ar contour map
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6), solid circular piles (tests no. 17 and no. 18) and a test without isolation (test no.
0–2) to construct and analyze Ar contour maps. The results are shown in Figs. 16,
17, 26, 27, 28 and 29.

From Figs. 16, 17, 26, 27, 28 and 29, we see that the overall trend for the
vibration isolation effect of hollow square piles is similar to that of solid square
piles. In contrast, the overall trend of vibration isolation for solid circular piles is
different from that of square solid piles. Square row piles (both solid and hollow)
have a better vibration isolation effect than circular piles of the same diameter.

Figures 26 and 27 show Ar contour maps for hollow square piles. Compared
with the case with solid square piles, the case with hollow square piles has
vibrations that are superimposed at the rear of the row piles and offset to both sides
when the vibration source is directly between two piles; the area corresponding to
Ar 0.4–0.7 is greater, and a number of small and discontinuous areas with Ar 0.7–
0.8 are present. Overall, the vibration isolation effect of the hollow square piles is
slightly worse than that of the solid square piles. When the vibration source is
directly opposite the pile center, the vibration superposition area at the rear of the
row piles shifts backward, but the area is approximately the same. The area cor-
responding to Ar 0.5–0.6 shifts backward and decreases slightly. However, the area
corresponding to Ar 0.4–0.5 decreases in the rear and increases in the front,
resulting in an overall increase in area. Overall, the vibration isolation effect is
slightly worse for the hollow square piles than for the solid square piles.

Fig. 26 Test no. 15 Ar contour map
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Fig. 27 Test no. 16 Ar contour map

Fig. 28 Test no. 17 Ar contour map
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Figures 28 and 29 show the Ar contour maps for solid circular piles. When the
vibration source is directly between the two piles, the vibration superposition area
appears on both sides and in the middle of the front part of the row pile. An area of
Ar 0.5–0.6 appears in the middle of the area behind the row piles, an area of Ar 0.7–
0.8 appears on both sides of the row piles, and the Ar gradually decreases on both
sides. When the vibration source is directly opposite the pile center, Ar values of 0.6
or greater appear on both sides of the area behind the row pile, and the Ar values
gradually decrease as the vibration propagates.

In summary, hollow piles have a better vibration isolation effect than solid piles,
but vibration isolation effects are not significantly different. However, circular piles
of the same diameter are less effective than square piles.

5.2.5 Vibration Source Location

Next, we studied the effect of vibration source location on the vibration isolation
effect using distances between the vibration source and the row piles of 1 m (tests
no. 19 and no. 20), 1 m (test no. 5 and no. 6), 1 m (test no. 21 and no. 22) and tests
without isolation (tests no. 0–1, no. 0–2 and no. 0–3) to construct and analyze Ar
contour maps. The results are shown in Figs. 16, 17, 30, 31, 32 and 33.

From Figs. 16, 17, 30, 31, 32 and 33, we see that the vibration isolation effects
are similar. An area of superimposed vibration behind the row piles appears in the

Fig. 29 Test no. 18 Ar contour map
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Fig. 30 Test no. 19 Ar contour map

Fig. 31 Test no. 20 Ar contour map
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Fig. 32 Test no. 21 Ar contour map

Fig. 33 Test no. 22 Ar contour map
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middle in all cases. The vibration isolation effect at both sides is more pronounced
than that in the middle area.

Figures 30 and 31 show Ar contour maps for a vibration source distance from
the row piles of 1 m. Compared with a vibration source distance from the row pile
of 3 m, a vibration source distance from the row piles of 1 m is associated with a
vibration wave superposition area in front of the row piles that has shifted backward
and Ar values in the middle area that have decreased to slightly above 1.1. The area
where Ar is greater than 0.4 in the rear of the row piles is reduced. In general, the
vibration isolation effect of a vibration source distance of 1 m is better than that of a
vibration source distance of 3 m, but the difference is not significant.

Figures 32 and 33 show Ar contour maps for a vibration source distance from
the row piles of 5 m. Compared with a vibration source at a 3 m distance from the
row pile, a vibration source distance from the row piles of 5 m is associated with a
vibration wave superposition area in front of the row piles that has shifted backward
and Ar values in the middle area that have increased to slightly above 1.0. Behind
the row piles, the area where Ar is greater than 0.4 is approximately the same, but
the area where Ar is greater than 0.6 is larger. In general, the vibration isolation
effect for a vibration source distance of 5 m is worse than for a vibration source
distance of 3 m, but the difference is not significant.

In summary, the vibration isolation effect improves as the distance from the
source to the row piles decreases, but the differences are not significant.

5.2.6 Vibration Source Frequency

Finally, we examined the effect of vibration source frequency on the vibration
isolation effect using a low-frequency vibration (10 Hz, tests no. 5 and no. 6), an
intermediate-frequency vibration (50 Hz, tests no. 23 and no. 24), a high-frequency
vibration (120 Hz, tests no. 25 and no. 26) and tests without isolation (tests no. 0–2,
no. 0–4 and no. 0–5) to construct and analyze Ar contour maps. The results are
shown in Figs. 16, 17, 34, 35, 36 and 37.

From Figs. 16, 17, 34, 35, 36 and 37, we see that the vibration isolation effects
tend to be similar for intermediate- and high-frequency vibrations but are signifi-
cantly different for low-frequency vibrations. For intermediate- and high-frequency
vibrations, the vibration isolation effect behind the row piles is not ideal.

Figures 34 and 35 show Ar contour maps for a vibration source frequency of
50 Hz. The area where the Ar is greater than 1.0 is large behind the row piles; there
are even small areas where the Ar value is greater than 1.5. As the distance from the
row piles increases, Ar gradually decreases, and the area where Ar is less than 0.2
appears far from the row piles.

Figures 36 and 37 show Ar contour maps for a vibration source frequency of
120 Hz. The Ar pattern behind the row piles for the high-frequency vibration is
similar to that for the intermediate-frequency vibration. However, the rate of
decrease in Ar is greater for high-frequency vibration than for
intermediate-frequency vibration. Overall, the vibration isolation effect of the row
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Fig. 34 Test no. 23 Ar contour map

Fig. 35 Test no. 24 Ar contour map
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Fig. 36 Test no. 25 Ar contour map

Fig. 37 Test no. 26 Ar contour map
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piles for a high-frequency vibration is slightly better than that for an
intermediate-frequency vibration.

In summary, row piles are not ideal for vibration isolation of high- and
intermediate-frequency vibrations but exhibit good vibration isolation effects for
low-frequency vibrations.

6 Analysis of the Results

In this work, a finite element model of a foundation with an infinite element
boundary was established based on the theory of an elastic half-space body. The
model included a single-point vibration source in the free field and piles arranged in
a row. The results were used to construct contour maps of the amplitude dissipation
ratio (Ar) with respect to cases without vibration isolation. The conclusions from
this work are as follows:

(1) A finite element model using infinite element boundaries can effectively reflect
the actual effects of vibration isolation measures.

(2) Radial vibration waves propagate from the excitation point, and their acceler-
ation amplitudes continuously decay until they eventually stabilize. The row
pile vibration isolation increases the acceleration in front of the row piles and
reduces the acceleration behind the row piles.

(3) The vibration isolation effect increases with the number of vibration isolation
piles. The vibration isolation effect increases as the depth of the row piles
increases but only up to a point. Excessive pile spacing produces an unsatis-
factory vibration isolation effect, but reducing the pile spacing may not improve
the vibration isolation effect. Hollow piles have a better vibration isolation
effect than solid piles but not significantly. Circular piles with the same
diameter as square piles are more effective. The vibration isolation effect
increases as the distance between the source and the row piles decreases, but the
increase is not significant. Row piles are not ideal for vibration isolation of
high- and intermediate-frequency vibrations but do produce a good vibration
isolation effect for low-frequency vibrations.
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Ground Vibration Induced by Moving
Train Loads on Unsaturated Ground
Using 2.5D FEM

G. Y. Gao, S. F. Yao and Qingsheng Chen

Abstract Vibration of an unsaturated ground subjected to moving train loads is
investigated using a two-and-a-half-dimensional finite element method (2.5D
FEM). The track system is simplified as an Euler beam resting on the unsaturated
porous medium, the governing equations are transformed to the frequency–
wavenumber domain, and the results in time-space domain are obtained through the
fast Fourier transform (FFT). Train speed and degree of saturation are mainly
analyzed as important factor influencing ground vibration and excess pore water
pressure. The results indicate that, at the track center, the vibration displacement
amplitude increases significantly when the ground changes from near saturated
(Sr = 99%) to fully saturated state. Also, the acceleration amplitude of unsaturated
ground is larger and it decreases more rapidly with time than its counterparts for the
scenarios of the saturated ground subjected to the train loading at the same speed.
The development of excess pore water pressure of the unsaturated ground at the
track center prevails in the shallow depth (0 * 4.5 m), and the peak value appears
at about 1.8 m beneath ground surface. The pore water pressure decreases as the
degree of saturation decreases.
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Keywords Moving load � Unsaturated ground � 2.5D FEM � Ground vibration �
Pore pressure

1 Introduction

In recent years, high-speed railway has developed rapidly as a convenient way of
transportation in China. However, at the same time, the train-caused ground
vibration has increasingly affected people’s life, work and the normal use of pre-
cision instruments [1]. It is of great significance to evaluate the train-caused ground
vibration in the design and construction process of high-speed railway.

The track-subsoil reaction under moving loads was widely investigated over the
past five decades. The subsoil was firstly simplified as a single-phase elastic
medium, and a series of achievements were obtained [2–4]. Yang and Hung [5], and
Takemiya and Bian [6] studied the dynamic response of elastic and layered subsoil
under moving load using the 2.5D finite element method, and they pointed out that
the 2.5D FEM has great advantages for the fast calculation and high precision in
solving the dynamic problems under moving loads. The finite element discretization
is only required in a profile perpendicular to the track direction in the 2.5D FEM
formulations, which can significantly reduce the computation cost without losing
accuracy at the same time.

To consider the pore water effects in the subsoil subjected to moving loads,
Burke and Kingsbury [7] presented an analytical solution for a saturated porous
medium based on the Biot theory [8]. Jin et al. [9] studied the stress and excess pore
pressure of saturated porous half-space subjected to moving loads analytically and
numerically. Lefeuve-Mesgouez and Mesgouez [10] theoretically investigated the
displacements of the solid and fluid phases of the porous viscoelastic half-space
caused by a vertical moving load, in which the ground is modeled as totally or
partially saturated using the complete Biot theory. Gao et al. [11–13] investigated
the dynamic responses of homogeneous or transversely isotropic and layered sat-
urated ground under moving loads using the 2.5D FEM.

In the above studies, the subsoil was usually regarded as single-phase or
water-saturatedmedia.However, due to large amounts of evaporation and transpiration,
the subsoil in arid and semiarid areas is usually in the unsaturated state [14]. The water
saturation has an obvious influence on the dynamic characteristics of the unsaturated
soil [15, 16]. In contrast to the scenario of saturated soil, even a small change of water
saturation can greatly affect the displacement of soil skeleton and the pore water.
Therefore, it is of great significance to take account of the effects of the pore gas in
seeking more accurate estimation of ground vibration caused by high-speed trains.

To investigate the unsaturated ground vibration caused by high-speed train
loads, the 2.5D FEM formulations are presented herewith. The track system is
simplified as an Euler beam resting on the unsaturated porous medium. The gov-
erning equations of unsaturated soil and beam are transformed to the frequency–
wavenumber domain, and the 2.5D FEM formulations are then derived. The results
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in time-space domain are obtained through the fast Fourier transform (FFT).
Numerical calculations are presented to show the influences of the degree of sat-
uration and the train speeds on the ground vibration and excess pore water pressure
induced by the moving loads.

2 2.5D FEM Formulations for Unsaturated Ground
Vibration

2.1 2.5D FEM of Unsaturated Soil

The following assumptions are made for the unsaturated soil: (1) the mechanical
and permeability properties are uniform; (2) the liquid and gas in the solid skeleton
obey the generalized Darcy’s law; (3) the soil particle density is related to the fluid
pressure and volume deformation, while the water and gas densities are functions of
their pressures. The Fourier transform with respect to t and x is defined as

~�uðex; y; z;xÞ ¼
Zþ1

�1

Zþ1

�1
uðx; y; z; tÞeiexxe�ixtdxdt ð1Þ

Considering the influence of water pressure and volume deformation on the
density of solid medium, the mass conservation of solid skeleton can be expressed
as [17]:

@n
@t

¼ a� n
Kg

@ðSrpw þð1� SrÞpaÞ
@t

þða� nÞr � _u ð2Þ

where n is the porosity; u is the soil displacement; “�” represents the first derivative
of time; and r is Laplace operator. Kg is compression modulus of soil particle,
a = 1 − Ksk/Kg is Biot coefficient, Ksk is the compression modulus of soil skeleton,
pc = Srp

w + (1 − Sr)p
a is the fluid pressure of unsaturated soil, pw and pa are the

pressure of pore water and gas, respectively, Sr = Sr (s) is the degree of saturation,
and s = pa − pw is the matric suction.

The mass conservation of pore water and pore gas can be expressed as [17]:

Srqw
@n
@t

þ nSr
@qw
@t

þ nqw
@Sr
@t

þ qwnSrr � _uw ¼ 0 ð3Þ

ð1� SrÞqa
@n
@t

þ nð1� SrÞ @qa
@t

� nqa
@Sr
@t

þ nð1� SrÞqar � _ua ¼ 0 ð4Þ
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where qw is the water density; qa is the gas density; uw is the water displacement;
and ua is the displacement of air. By considering the relationship between fluid
density and fluid pressure [17], the following two formulas can be obtained:

A11 _p
w þA12 _p

a þA13r _uþA14r _uw ¼ 0 ð5Þ

A21 _p
w þA22 _p

a þA23r _uþA24r _ua ¼ 0 ð6Þ

where the coefficients are:

A11 ¼ ða� nÞS2r
Kg

þ nSr
Kw

� Ass n� ða� nÞSrs
Kg

� �
;

A12 ¼ ða� nÞSrð1� SrÞ
Kg

þAss n� ða� nÞSrs
Kg

� �
;

A13 ¼ Srða� nÞ;

A14 ¼ nSr;A21¼ða� nÞSrð1� SrÞ
Kg

þAss nþ ða� nÞð1� SrÞs
Kg

� �
;

A22 ¼ ða� nÞð1� SrÞ2
Kg

þ nð1� SrÞ
pa

� Ass nþ ða� nÞð1� SrÞs
Kg

� �
;

A23 ¼ ð1� SrÞða� nÞ;A24 ¼ nð1� SrÞ;

in which Ass ¼ @Sr=@s is the partial derivative of saturation with respect to the
matric suction; and Kw is the bulk modulus of water.

By applying the Fourier transform to the seepage equations of pore water and
pore gas [17], the average displacement of fluid in frequency domain can be
obtained as follows:

~uwi ¼ ðFw~ui � ~pwi Þ=ðFw � qwx
2Þ ð7Þ

~uai ¼ ðFa~ui � ~pai Þ=ðFa � qax
2Þ ð8Þ

where “��” denotes the second order derivative with time, “*” represents the
solution in frequency domain; Fa ¼ nð1� SrÞqagxi=ka, Fw ¼ nSrqwgxi=kw, and x
is the circular frequency. With Eqs. (7) and (8) and by applying the Fourier
transform to Eqs. (5) and (6), the mass conservation equations of pore water and
pore gas in frequency domain are obtained as follows:

A13 þ A14Fw

Fw � qwx2

� �
~ui;i � A14

Fw � qwx2
~pwii þA11~p

w þA12~p
a ¼ 0 ð9Þ

A23 þ A24Fa

Fa � qax2

� �
~ui;i � A24

Fa � qax2
~paii þA21~p

w þA22~p
a ¼ 0 ð10Þ
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The momentum conservation equation of unsaturated medium can be expressed
as follows [17]:

lui;jj þðkþ lÞui;ji � Srp
w
i � ð1� SrÞpai ¼ �qs€ui þ �qw€u

w
i þ �qa€u

a
i ð11Þ

where rij and Fi are the stress and body force of the soil; �qs ¼ ð1� nÞqs,
�qw ¼ nSrqw, �qa ¼ nð1� SrÞqa are the relative density of solid, water and gas,
respectively; eij is the strain of the soil; dij is Kronecker symbol; k and l are the
Lame constants of soil, and the complex form of Lame constants k ¼ ð1þ 2igsÞk,
l ¼ ð1þ 2igsÞl are used to replace the k and l in Eq. (11) to reflect damping
effects of the soil, where gs is the damping coefficient.

By applying the Fourier transform to Eq. (11), and using Eqs. (7) and (8), one
can finally obtain the dynamic equations of unsaturated soil in the frequency
domain:

�l~ui;jj þð�kþ �lÞ~ui;ji � Sr~p
w
i � ð1� SrÞ~pai þx2 ð1� nÞqs þ

nSrqwFw

Fw � qwx2 þ nð1� SrÞqaFa

Fa � qax2

� �
~ui

� x2nSrqw
Fw � qwx2

~pwi � x2nð1� SrÞqa
Fa � qax2

~pai ¼ 0

ð12Þ

For drainage boundary of porous media, the boundary conditions stress, pore
pressure and flux for partial differential Eqs. (9), (10) and (12) can be expressed,
respectively, as rsijnj ¼ fi, p ¼ p0, �kdp0jnj ¼ qf gvn ¼ q, where u′i is the boundary
displacement; nj is the direction vector; fi is the stress at the boundary; p′ is the pore
pressure at the boundary; vn and q are the velocity and flux at the boundary,
respectively; qf is the flux density; kd is the permeability coefficient; and g is the
gravity acceleration.

From Eq. (12) and the boundary conditions of stress, by introducing the virtual
displacement du�i and effective stress in frequency domain ~r0ij;j, the governing
equations of unsaturated media as follows can be obtained based on the virtual
work principle, parts integration property and Gauss formula:

Z
de�i ~r

0
ij � du�ix

2 ð1� nÞqs þ
nSrqwFw

Fw � qwx2 þ nð1� SrÞqaFa

Fa � qax2

� �
~ui

� �
dV

þ
Z

du�i
x2nSrqw

Fw � qwx2
~pwi � de�i dijSr~p

w
i

� �
dV

þ
Z

du�i
x2nð1� SrÞqa
Fa � qax2

~pai � de�i dijð1� SrÞ~pai
� �

dV ¼
Z

du�i fidS

ð13Þ

The 4-node isoparametric element is used for discretization, and the corre-
sponding 2.5D governing equation in matrix form can be obtained as follows using
the conventional FEM and wavenumber transform in track direction:
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ðK0
up �MupÞ~�uþðQ0

up �QupÞ~�pw þðG0
up �GupÞ~�pg ¼ ~�f

s

up ð14Þ

where “-” represents the parameters in wavenumber domain, Kup, Mup, Qup, Gup,
fsup are stiffness matrix, mass matrix, liquid contribution matrix, gas contribution
matrix and equivalent nodal force matrix, and their detailed expressions are:

K0
up ¼

X
e

ZZ
ðB�NÞTDðBNÞ Jj jdgdn; ~�fsup ¼

X
e

ZZ
NT~�f Jj jdgdn;

Mup ¼ x2 ð1� nÞqs þ nSrqw
Fw

Fw � qwx2 þ nð1� SrÞqw
Fa

Fa � qax2

� �

�
X
e

ZZ
NNT Jj jdgdn;

Qup ¼ aSr
X
e

ZZ
ðB�NÞTmN Jj jdgdn;Q0

up ¼ x2nSrqw
Fw � qwx2

X
e

ZZ
NTBN Jj jdgdn;

Gup ¼ að1� SrÞ
X
e

ZZ
ðB�NÞTmN Jj jdgdn;

G0
up ¼ x2nð1� SrÞqa

Fa � qax2

X
e

ZZ
NTBN Jj jdgdn:

where “�” represents the conjugate matrix; N and N are shape functions in time and
frequency domain, its component in time domain Niðg; nÞ ¼ 0:25ð1þ gigÞð1þ
ninÞ, where g; n are local coordinates and gi, ni are local coordinates of node. J is
Jacobi matrix; D is stress matrix; and B is partial derivative matrix. By applying
Galerkin method to Eqs. (9) and (10) and using the boundary conditions of flux and
pore pressure, the 2.5D FEM formula in matrix form of unsaturated media can be
obtained as follows:

ðHmdÞ~�uþðQmd þQ0
mdÞ~�p

w þðG0
mdÞ~�p

g ¼ ~�f
w ð15Þ

ðHdwÞ~�uþðQ0
dwÞ~�p

w þðGdw þG0
dwÞ~�p

g ¼ ~�f
g ð16Þ

where

Hmd ¼ A13 þ A14Fw

Fw � qwx2

� �X
e

ZZ
N

T
mTBN Jj jdgdn;

Hdw ¼ A23 þ A24Fa

Fa � qax2
g

 !X
e

ZZ
N

T
mTBN Jj jdgdn;
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Qmd ¼ A14

Fw � qwx2

X
e

ZZ
ðB�

sNÞTðBsNÞ Jj jdgdn;

Gdw ¼ A24

Fa � qax2

X
e

ZZ
ðB�

sNÞTðBsNÞ Jj jdgdn;

Q0
md ¼ A11

X
e

ZZ
N

T
N Jj jdgdn;Q0

dw ¼ A21

X
e

ZZ
N

T
N Jj jdgdn;

G0
md ¼ A12

X
e

ZZ
N

T
N Jj jdgdn;

G0
dw ¼ A22

X
e

ZZ
N

T
N Jj jdgdn; ~�fwup ¼ �

X
e

ZZ
Fwqwg~vn

kw
Jj jdgdn;

~�f
g

up ¼ �
X
e

ZZ
Fgqgg~vn

kg
Jj jdgdn:

Assembling Eqs. (14), (15) and (16) together, the final governing equations in
2.5D FEM formula of unsaturated media can be obtained as follows:

KU ¼ R ð17Þ

where

K ¼
K0

up �Mup Q0
up �Qup G0

up �Gup

Hmd Qmd þQ0
md G0

md
Hdw Q0

dw G0
dw þGdw

2
4

3
5;U ¼

~�u
~�p
w

~�p
g

2
4

3
5;R ¼

~�f
s

up
~�f
w

~�f
g

2
64

3
75:

2.2 Euler Beam Model of Track System

In this paper, the Euler beam model is used to simulate the track system (including
the rails and the embankment). The dynamic equation of the track system in fre-
quency–wavenumber domain can be expressed as [13]:

ðEIn4x � mx4Þuxtr ¼ f xtITðnx;xÞþ pxt
0
ðnx;xÞ ð18Þ

where uxtr is the displacement of track in frequency–wavenumber domain, and nx is
the wavenumber variable, EI is the bending stiffness of the track, m is the com-
prehensive quality of the track and sleepers, fIT(x,t) is the contact reaction force of
the ground, pxt

0
ðnx;xÞ is the dynamic load on the track in frequency–wavenumber

domain, where p0 is the vehicle load.
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2.3 Model Verification and Calculation Parameters

Equations (17) and (18) are governing equations of the track–ground system in
frequency–wavenumber domain. The solution in the frequency–wavenumber
domain can be obtained, and results in the time-space domain can be obtained
through the FFT. Figure 1 shows the 2.5D FEM of track–ground model and the
viscoelastic boundary. The viscoelastic dynamically wave absorbing boundary for
2.5D FEM is deduced in detail in [12]. The ground layers distribution and soil
parameters of the Sweden X2000 train site [6] are adopted to verify the proposed
model. The train load model and its parameters in the frequency–wavenumber
domain are also in accordance with [6]. The track parameters are shown in Table 1
[6]. When the degree of saturation Sr = 0, it is degraded to the calculation model of
elastic soil. It can be seen from Fig. 2 that the predicted data are in good agreement
with the measured ones [6], which illustrate the accuracy of the proposed model.

For the following dynamic analysis, the V-G model [17] Se ¼ ½1þða1sÞk��m is
used to describe the relationship between the water saturation and the pore suction
and the Mualem model [17] is adopted to describe the permeability coefficients of

fluid: kw ¼ qwgj=gw � ffiffiffiffiffi
Sr

p f1� ½1� ðSeÞ
1
m�mg2 kg ¼ qggj=gg

ffiffiffiffiffiffiffiffiffiffiffiffiffi
1� Sr

p ½1� ðSeÞ
1
m�2m,

where a1 ¼ 1� 10�5, k = 4, m = 1 − 1/k = 0.75 are fitting parameters;
Se = (Sr − Sw0)/(1 − Sw0) is the effective saturation, where Sw0 = 0.05 is the
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Fig. 1 2.5D FEM of track–ground model and the viscoelastic boundary

Table 1 Parameters of track
structure of X2000 [6]

Parameters Value

Track width 2B (m) 3

Density M (t m−1) 10.8

Bending stiffness EI (MN m2) 200

Damping coefficient 0.10
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irreducible saturation of water; gw ¼ 1:0mPa � s, gg ¼ 0:015mPa � s are viscosity
coefficients of pore water and gas; j ¼ 1:0 µm2 is the intrinsic permeability of soil.
The bulk modulus of pore water Kw = 2.1 � 109 N/m2. The physical parameters of
pore fluid are assumed to be constants in the numerical calculation. The ground
surface is set as the drainage and exhaust boundary, while the bottom and infinite
side of the subgrade are set up as non-drainage and non-exhaust boundaries. The
atmospheric pressure is taken as the reference air pressure. Since the high-speed
train lines in China are mostly distributed in the southeast coastal area, the high
water saturation condition (100, 99 and 90%) for the subsoil is considered in this
paper.

3 Ground Vibration at Different Train Speeds

3.1 Analysis of Ground Vibration at the Track Center

Figure 3 is the time history curves of ground vertical displacement (Fig. 3a) and
acceleration (Fig. 3b) at the track center at different degrees of saturation (100, 99
and 90%) and train speeds (200 and 350 km/h). From Fig. 3a, at low speed
(200 km/h), the saturated ground displacement amplitude is substantially larger
than that of unsaturated ground. When the degree of saturation decreases from
100% (fully saturated) to 99% (nearly saturated), the displacement amplitude sig-
nificantly decreases although the reduction in the degree of saturation is very small.
However, when the degree of saturation reduces from 99 to 90%, the decrease in
displacement amplitude is not evident, although the gas content change is larger
than that from 100 to 99%. That is to say, a very small amount of gas entrance into
the saturated soil at low speed can cause a sharp decrease in the displacement
amplitude, or, the displacement amplitude increases significantly when the subsoil
state varies from the nearly saturated to the fully saturated state. The fully saturated
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Fig. 2 Time history curve of ground vertical displacement at the track center for both test data
and simulations with different train speeds: a 70 km/h; b 200 km/h

Ground Vibration Induced by Moving Train Loads on Unsaturated … 83



state is the most unfavorable state for the ground vibration at low speed. This is
possibly caused by the completely phase change of the soil (from three phase of
nearly saturated to two phase of fully saturated), which brings a completely change
in soil dynamic characteristics. The resonance of saturated ground occurs when the
train speed is close to the shear wave velocity of saturated soil (about 220 km/h),
while for unsaturated ground the vibration displacement at the track center is
smaller due to the pore gas. The water saturation reduction has a limited influence
on the displacement amplitude at high speed (350 km/h), and the unsaturated
ground has almost equivalent displacement amplitude of saturated ground. It is also
seen from Fig. 3a that for a given speed, the unsaturated ground vibration dis-
placement attenuates rapidly with time compared to the saturated ground, and the
difference is due to the existence of pore gas. The duration time of the ground
displacement vibration decreases as the speed increases.

From Fig. 3b, it can be observed that, at a given speed, the acceleration
amplitude of the ground at the degree of saturation with 90% has slight difference
from that at the degree of saturation with 99%, while both of which are greater than
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that of the saturated ground. This is possibly due to that, the pore gas in unsaturated
ground may enhance the wave scattering and reflection during its propagation,
thereby increasing the unsaturated ground acceleration. In addition, it is found that,
for a given speed, the vibration acceleration attenuates more slowly with time in
saturated ground compared with the unsaturated ground. Also, the duration time of
the vibration acceleration and displacement of the unsaturated ground becomes
increasingly short as the speed increases.

By comparing Fig. 3a with Fig. 3b, it can be found that, at low speed (200 km/h),
the acceleration amplitude on unsaturated ground is larger than that on the saturated
ground. In contrast, the displacement amplitude on unsaturated ground is smaller than
its counterpart on the saturated ground. As the train speed increases to be 350 km/h,
the acceleration amplitude on the unsaturated ground is still larger than that on the
saturated ground, while the displacement amplitude on unsaturated ground tends to
be equal to its counterpart on the saturated ground.

Figure 4 is the vertical amplitude of displacement and acceleration of the ground
at different degrees of saturation at the track center corresponding to different train
speeds. From Fig. 4a, it can be found that, at the track center, when the speed is
below 270 km/h, the displacement amplitude of saturated ground is larger than its
counterpart of the unsaturated ground. When the train speed is beyond 270 km/h,
the displacement amplitude of unsaturated ground tends to be slightly larger than
that of the saturated ground. For saturated ground, the ground displacement
amplitude significantly decreases as the train speed increases from 200 to 300 km/h,
and then slightly increases as the train speed exceeds 300 km/h. In contrast, for the
unsaturated ground, the displacement amplitude decreases as the train speed
increases from 200 to 250 km/h; however, the displacement amplitude of unsatu-
rated ground remains almost constant as train speed exceeds 250 km/h. Therefore,
in the ground at high degree of saturation (90–100%), the train speed is recom-
mended to maintain between 250 and 350 km/h (better at 300 km/h) for controlling
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Fig. 4 Ground vertical amplitude of displacement and acceleration at different degrees of
saturation at the track center corresponding to different train speeds
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the ground vibration displacement amplitude at the track center. It is also observed
that, at a given speed, the displacement amplitude of unsaturated ground differs
slightly corresponding to the scenarios for different degrees of saturation, i.e., the
influence of degree of saturation on the unsaturated ground displacement amplitude
is insignificant.

Figure 4b indicates that, for a given speed, slight difference exists between the
acceleration amplitudes of the unsaturated ground at Sr = 90 and 99%, however,
both of which are larger than the counterparts of the saturated ground. For example,
the acceleration amplitude of the unsaturated ground subjected to moving load at
the speed of 200 km/h is about 4 times of its counterpart for the scenario of the
saturated ground. As the speed increases from 200 to 300 km/h, the acceleration
amplitudes of both unsaturated ground and saturated ground decrease; however, the
decreasing rate of acceleration amplitude of unsaturated ground is much higher than
that of the saturated ground. It is also observed that, the acceleration amplitude of
the unsaturated ground subjected to moving load with the speed of 300 km/h is
about 2 times of the counterparts of saturated ground. As the train speed exceeds
300 km/h, the acceleration amplitude keeps almost constant for the saturated
ground, but increases slightly for the unsaturated ground. In the region with high
degree of saturation (90–100%), the train speed is recommended to maintain at
about 300 km/h, in order to reduce the ground acceleration amplitude at the track
center.

3.2 Analysis of Ground Vibration at 8 m Away
from the Track Center

Figure 5 presents the time history curve of vertical acceleration of ground surface at
8 m away from track center corresponding to different degrees of saturation and
train speeds. The acceleration amplitude of unsaturated ground is obviously greater
than its counterpart of the saturated ground for a given speed. The acceleration
amplitude increases significantly when the degree of saturation decreases from
100% (fully saturated) to 99% (nearly saturated); however, when the degree of
saturation reduces from 99 to 90%, the decrease of the acceleration amplitude is not
evident, although the gas content change is larger than that from 100 to 99%. This is
possibly due to that, when entering a small amount of gas, the saturated soil has a
thorough phase change (from two phase of fully saturated to three phase of nearly
saturated), which brings a substantial change of its dynamic characteristics. The
pore gas in unsaturated ground enhanced the wave scattering and reflection during
its propagation, which amplifies the unsaturated ground acceleration in the far
distance from the track center. From the time history curves, it is also seen that, as
the train speed increases, the vibration duration time of the unsaturated ground
decreases, while the counterpart of the saturated ground increases correspondingly.
The shear wave propagating through the saturated pore water may enhance
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vibration acceleration and makes it dissipate slowly. It can also be seen from Fig. 5
that, at 300–350 km/h, the vibration acceleration of saturated ground diminishes
more slowly with time than that of the unsaturated.

Figure 6 shows the vertical acceleration amplitude of ground with various
degrees of saturation at 8 m away the track center corresponding to different train
speeds. It can be seen clearly that, the acceleration amplitudes of unsaturated
ground at Sr = 90 and 99% are almost equal, but both of which are greater than its
counterpart of the saturated ground under the moving load at the same speed. This
may be due to that, the pore gas in the unsaturated ground enhanced the wave
scattering and reflection during its propagation, which amplifies the ground
acceleration 8 m away the track center. The acceleration amplitude of unsaturated
ground decreases with the increase in the train speed, while the acceleration
amplitude of saturated ground decreases slightly at first following by a slight
increase when the train speed is beyond 300 km//h.
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Fig. 5 Time history curve of vertical acceleration of ground surface at 8 m away from track
center at different train speeds and degrees of saturation

Ground Vibration Induced by Moving Train Loads on Unsaturated … 87



4 Excess Pore Water Pressures Under the Track
at Different Train Speeds

Figure 7 shows the variation of excess pore water pressure with depth under track
center at different train speeds and degrees of saturation. It can be found that the
development of excess pore water pressure prevails in the unsaturated subgrade at
shallow depth (within 3.5 m), but decreases sharply at 3.5–4.5 m. The peak value
of the excess pore water pressure appears at about 1.8 m beneath the ground
surface, and it is significantly influenced by the degree of saturation of the ground.
For example, at a given train speed, the amplitude of excess pore water pressure in
the ground at degree of saturation with 99% is about 3 times greater than its
counterparts in the ground at degree of saturation with 90%. At degree of saturation
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with 99%, the excess pore pressure amplitude in the ground decreases slightly as
the train speed increases. Beyond 4.5 m depth, the excess pore water pressure
amplitude in the ground at degree of saturation with 99% is also larger than that of
the ground at the degree of saturation 90%. For instance, the excess pore pressure in
the ground at degree of saturation with 99% is about 0.6 kPa, and 0.2 kPa at the
depth of 6 m and 10 m, respectively. In contrast, as the degree of saturation
decreases to be 90%, the excess pore pressure in the ground is about 0.1 and
0.02 kPa, respectively (about 17 and 10% of that at saturation 99%). The peak
value of the excess pore water pressure in the ground at degree of saturation with
90% is about 1 kPa; hence, the excess pore water pressure in the ground with low
degree of saturation (<90%) induced by the high-speed train can be neglected.

5 Conclusion

This paper presents 2.5D FEM formulations for analyzing the unsaturated ground
vibration induced by high-speed trains. Effects of the degree of saturation and the
train speed are investigated, and the following conclusions can be drawn:

(1) At the track center: the displacement amplitude increases significantly when the
ground transforms from the nearly saturated to the fully saturated state. The fully
saturated state is the most unfavorable state for the ground displacement vibration
at low speed. For a given speed, the displacement amplitude of unsaturated ground
decreases more rapidly with time than its counterpart at saturated ground. At low
speed, the acceleration amplitude of unsaturated ground is greater than that of the
saturated ground, while the displacement amplitude of unsaturated ground is
smaller than that of the saturated ground. In contrast, as the train speed reaches
350 km/h, the acceleration amplitude of unsaturated ground is still larger than that
of the saturated ground, while the displacement amplitude of unsaturated ground
tends to be equal to that of the saturated ground.

(2) At the track center, when the speed is below 270 km/h, the displacement
amplitude of saturated ground is larger than its counterpart of the unsaturated
ground. For a given speed, the acceleration amplitude of the unsaturated is
significantly larger than the counterpart of the saturated ground. For the
unsaturated ground at high saturation (90–100%), the train speed is recom-
mended to maintain between 250 and 350 km/h (better at 300 km/h) in order to
reduce the ground vibration displacement amplitude and acceleration amplitude
at the track center.

(3) The development of excess pore water pressure of unsaturated subgrade prevails
in the shallow depth (within 4.5 m) and decreases sharply at about 3.5–4.5 m
beneath the ground surface. The peak value of the excess pore water pressure
appears at about 1.8 m and decreases obviously as the saturation decreases. The
excess pore water pressure in unsaturated ground with low saturation (<90%)
induced by the high-speed train can be neglected.
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Strategy for Constructing Environment
Vibration Control System
for High-Speed Railway

Zhenxing He, Guangtian Shi, Xiaoan Zhang, Nengneng Bao,
Shuzhen Wang and Jiangang Xu

Abstract With the acceleration of urbanization and the rapid development of rail
transit, more and more high-speed railways are built and connected with urban rail
transit of the big cities. It is the trend to deduce the train-induced environmental
vibration of the high-speed railway by using vibration damping tracks, but it is still
in the exploration stage for using damping tracks in the high-speed railway. After
more than 10 years of rapid development, urban rail transit has established an
environment vibration control system. Because of the great difference between the
high-speed railway and the urban rail traffic which exist in the speed of train and the
maintenance standard, the problems of whether the vibration damping measures
widely used in the urban rail transit are applicable, how to determine the key
dynamic parameters of the vibration damping tracks, could not be avoided in
design, construction, and operation of the high-speed railway vibration damping
track. This study investigated the construction of environmental vibration control
system for high-speed railway based on the experience of environmental vibration
control of urban rail transit.

Keywords High-speed railway � Environmental vibration � Control system �
Dynamics � Long-term service

1 Introduction

Reducing train-induced environment vibration is an important measure to reflect the
friendly environmental characteristics of rail transit. With more and more attention
been paid to environmental protection and “green development,” the vibration
reduction track has been widely adopted in urban rail transit. At present, the cases
of high-speed railway entering densely populated urban areas and connecting with
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urban rail transit network are increasing. In order to reduce the vibration and noise,
using the vibration reduction track has been the trend of high-speed railway
development [1–3].

After more than 10 years of engineering practice and theoretical investigation,
the environmental vibration control system of urban rail transit was established. The
empirical formula method is used to predict the vibration superscalar of the
vibration-sensitive point [4–6]. Various types of vibration damping tracks are
adopted, and the vibration damping layers or components are usually arranged at
three positions (the rail fastener, the sleeper, and the track bed) of the track system
[7–9]. According to the damping effect, the vibration damping track is divided into
three levels. Based on the results of the environmental vibration evaluation and the
usage of the damping track in the entire network, the type selection design of the
vibration damping track for a certain line is carried out [10]. The actual effect of
the vibration damping track is usually tested and evaluated before the line is offi-
cially put into operation [7].

When the vibration damping track is used for the high-speed railway with
heavier axle load and higher speed grade, how to draw on the experience of urban
rail transit and establish the environmental vibration control system suitable for
high-speed railway has become an unavoidable engineering problem for the design,
construction, and maintenance of high-speed railway.

2 Characteristics of Rail Transit Environmental
Vibration Control

Environmental vibration control of rail transit is a systematic project, which
includes three aspects. The first is to determine the sensitive point of vibration and
predict the vibration’s superscalar; the second is to choose the appropriate track
vibration damping measures according to the vibration’s superscalar, and the third
is to maintain the safety, stability of train running, and vibration damping perfor-
mance of track in a long term. According to Table 1, the above three aspects of jobs
worked throughout the whole process of the design, construction, and operation of
rail transit. A reasonable control system is needed to efficiently support the envi-
ronmental vibration control of high-speed railway.

The design and construction stages of rail transit generally continue for four to
six years, and the process needs the participation of many units such as manage-
ment, design, construction, and manufacturing. Correspondingly, the participation
of each unit in every period is different. The determination of the vibration-sensitive
point and the prediction of the vibration superscalar are completed by the envi-
ronmental impact assessment (EIA) specialty in the stage of the feasibility study of
the rail transit project, and the cost of vibration damping measures is taken into the
track construction cost. The EIA report must be submitted to the competent
department of environmental protection for approval after being reviewed by
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experts. The EIA reports, appraisal opinions, and approval documents formed as the
basis of the subsequent design phase.

In the preliminary design stage, the major track carries out the type selection
design of vibration damping track and the second interface design according to the
above research results. The possibility of line adjustment in the initial design stage
can lead to the vibration superscalar changes of the environmental vibration-
sensitive points. Generally, the track major is in charge of predicting the vibration
superscalar according to the principles and prediction methods provided by the EIA
report. In order to ensure that different specialties have the same prediction results for
environmental vibration in different construction periods of rail transit, the predic-
tion method must be unified, the evaluation scale must be clear, and the influence of
the subjective factors must be eliminated as much as possible.

3 Research Status of Environmental Vibration Control
of High-Speed Railway

Recently, the research on the environmental vibration control of high-speed railway
is mainly focused on the law of vibration propagation, and the engineering appli-
cation research vibration damping track is still in the exploratory stage.

3.1 Vibration Propagation Characteristics of High-Speed
Railway

The theoretical research methods of environmental vibration propagation charac-
teristics of high-speed railway can be divided into time-domain method and
frequency-domain method [11–16]. The representation of time-domain method is a
numerical simulation method based on the theory of vehicle-track coupling
dynamics [13]. This method has developed rapidly in recent years, its main char-
acteristics are: Through model expansion, the track foundation and the structures
around the line can be considered together [16]. In the study of the influence of
vibration on and structures, the dynamic influence factors of the main components
of vehicles and all kinds of track structures can be taken into consideration by the
dynamic interaction model of wheel and rail.

In China, a large number offield measurement studies have been carried out on the
environmental vibration of high-speed railway. China RailwayCorporation has issued
guiding opinions on the value and governance principles of noise and vibration sources
for environmental impact assessment of railway construction projects (revised 2010)
basing on the field test results of Beijing–Tianjin, Shijiazhuang–Taiyuan, Wuhan–
Guangzhou, Zhengzhou–Xian, and other high-speed railways. This document pro-
vides a prediction formula for environmental vibration similar to urban rail transit.
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VLz ¼ 1
n

Xn

i¼1

VLz0;i þCi
� �

VLz0;i is vibration source intensity, Ci is the vibration correction term, including
velocity correction, axle load correction, line type correction, classification of the
track, geological correction, distance adjustment, and building modification.

Unlike urban rail transit, the distance between vibration source reference point
and the center line of the track is 30 m, and the vibration source intensity grade is
decided by different speed levels and line conditions. According to the construction
and operation experience of urban rail transit and high-speed railway, the above
prediction formula is simple and easy to use by engineers. It can meet the needs of
environmental vibration prediction of high-speed railway.

3.2 Engineering Application of Vibration Reduction Track
in High-Speed Railway

The vibration damping track used in high-speed railway is mainly used to reduce
the dynamic influence on the track foundation. To prevent the underwater tunnel
soft soil liquefaction risk, The Guangzhou–Shenzhen–Hong Kong high-speed
railway has adopted vibration-reducing slab track in the Lion Ocean large section
tunnel. In order to adapt to the stiffness difference between the subgrade and the
bridge foundation, the elastic mattress is used at the bottom of the track at the
second double line of Lanzhou to Xinjiang.

In recent years, some application research of vibration reduction track has been
carried out in national railways with higher speed. For example, the Chengguan
express railway line has tried to lay an elastic mattress in the speed range below
80 km/h. “Engineering research of unballasted track vibration and noise-reducing
engineering in environmentally sensitive areas” is being studied as one of the fifteen
engineering test projects of Chengdu–Lanzhou railway. The Guangzhou–Foshan
Loop and the Guangzhou–Zhuhai line underpass the Foshan Museum, and relevant
departments have carried out special research on environmental vibration problems.

It can be seen that the prediction mode of environmental vibration of high-speed
railway has been formed, but the research on vibration damping track is not suf-
ficient, and the relationship between the vibration prediction and the application of
vibration reduction track has not been established. After the vibration damping
track is adopted, the influence on the running stability of train and maintenance of
track during the long-term operation is not clear. There is an urgent need to carry
out research on the formation of a high-speed railway environmental vibration
control system.
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4 The Key Technical Issues of High-Speed Railway
Environmental Vibration Control

The construction of a high-speed railway environmental vibration control system
may reference urban rail transit experience. Based on the mature experience of
vibration damping track in urban rail transit, and combining the operation speed,
vehicle characteristics and track foundation structures of the high-speed railway, the
key dynamic parameters of vibration damping track should be studied, grade
vibration damping strategy is established, and the principle of classifying vibration
damping track is determined.

4.1 The Availability of the Existing Typical Vibration
Reduction Tracks

In view of the fact that the vibration damping track has been widely used in urban
rail transit, the usability of the existing typical vibration damping track in
high-speed railway should first be studied theoretically to provide theoretical sup-
port for the engineering test study.

The typical vibration reduction measures which are representative and have good
comprehensive performance in urban rail transit are selected as the research object
among the fastener vibration reduction measures, sleeper vibration reduction
measures and track bed vibration reduction measures. The study should be carried
out by combining theory with engineering test, and the theoretical study should
precede the engineering test study. The dynamic calculation model established by
theoretical analysis should be able to reflect the dynamic interaction between the
vehicle and the track system and the characteristics of vibration propagating
through the track to the periphery of the line. The vehicle dynamic response, track
dynamic response, and vibration damping effect corresponding to typical vibration
damping track and the common track should be comprehensively compared and
analyzed. The influence of the existing vibration damping track on the dynamic
response of the vehicle and track system when it is used in high-speed railway
should be studied clearly. The quantitative evaluation results of the availability of
the existing typical vibration damping track could be given.

4.2 Value Range of Key Dynamic Parameters of Vibration
Damping Tracks

Since the vibration source intensity of environmental vibration prediction formula
of the high-speed railway is based on different speed grade and line condition, the
value of the key dynamic parameters of the vibration damping track should also be
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studied according to different speed grade and line condition, so that a corre-
sponding relationship is established between the reasonable range of key dynamic
parameters of the vibration damping track and the prediction results of environ-
mental vibration.

According to the application and research experience of urban rail transit, the
following key parameters should be studied in depth. For fastener vibration
reduction measures, the key dynamic parameters are node stiffness and damping.
For sleeper vibration reduction measures, the key dynamic parameters are sleeper
mass, the stiffness, and damping of the sleeper support pad. For track bed vibration
reduction measures, the key dynamic parameters are the mass of track bed, the
stiffness, and the damping under the track bed. Figure 1 shows the influences of the
dynamic parameters of the vibration track in urban rail transit.

The mass unit of the sleeper damping track is the sleeper mass. As for the track
bed damping measures, the mass units are track bed. The influence trend of the
mass units on the vibration damping effect and stability of train-track system should
be studied, and the reasonable value range is determined according to the
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characteristics of different rail foundations. Similarly, the reasonable value ranges
of stiffness and damping of the vibration damping tracks could be determined
according to different train speeds.

4.3 Graded Vibration Damping and Performance Classify

Urban rail transit generally divides the vibration damping track into three grades
according to the vibration damping capacity. Usually, damping requirements below
5 dB are called mid-level, damping requirements within the scope of 5–10 dB are
called high level, damping requirements more than 10 dB is called special level;
mid-level measures mainly refer to the vibration damping fasteners. The high-grade
measures mainly include elastic sleepers. The track bed vibration damping mea-
sures such as steel spring floating slabs are generally are the representative of
special level. Whether the classification principle of vibration damping measures
established by urban rail transit is applicable to high-speed railway needs further
study. The main factors to be considered in the study include the type of vibration
damping track, train running speed, required vibration damping capacity, and the
maintenance mechanism of high-speed railway.

Therefore, we can draw from the experience of urban rail transit on the basis of
the research on the availability of vibration damping track and the key dynamic
parameters of the track, then putting forward the classification strategy of
high-speed railway vibration reduction track and defining the principle of reason-
able vibration damping level classification and the specific vibration damping track
measures at all levels. The above is the foundation of establishing environment
vibration control system for high-speed railway.

4.4 Research Strategy of High-Speed Railway Environment
Vibration Control System

The research on the availability of the typical vibration damping track in high-speed
railway and the key dynamic parameters of the vibration damping track is the basis
of formulating the classification principle of the classified vibration damping
strategy. In order to ensure the reliability and usability of the above research results,
the two key scientific problems must be solved.

The first is to comprehensively consider the dynamic response evaluation index
of the vehicle system, track system, and the vibration damping effect and to carry
out the multi-index comprehensive evaluation. The theoretical model needed to be
established for the calculation of dynamic evaluation index is huge and has many
factors to consider. Different indexes in the dynamic response evaluation system
have different sensitivities to various kinds of excitations. The trend of growth and
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decline of some indicators is even diametrically opposite, as shown in Fig. 2. On
the same issue, using different evaluation indicators may lead to diametrically
opposite conclusions. Therefore, a reasonable multi-index evaluation method
should be selected for comprehensive evaluation [17].

The second is the close connection between theoretical calculation and engi-
neering application. It means a unified model and evaluation scale are adopted to
systematically study the availability and key dynamic parameters of the typical
vibration absorption track. It means a unified model and evaluation scale are
adopted to systematically study the availability and key dynamic parameters of the
vibration damping track. At present, there is a lack of a unified evaluation scale in
the study of the value range of key dynamic parameters of high-speed railway
vibration damping tracks and the analysis of stiffness transition between different
track structures. It is difficult to obtain measured data to compare the response of
deterministic irregularity excitation. However, the corresponding evaluation scale
can be obtained through dynamic calculation according to the rules and standards
for deterministic irregularity excitation. That is to say, parameter analysis and
comprehensive evaluation are carried out under the principle of dynamic response
equivalence. Based on the above analysis, a theoretical research mode of an
environmental vibration control system for the high-speed railway is put forward in
this paper, as shown in Fig. 2.
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Fig. 2 Vehicle dynamic response corresponding to track irregularities: a corresponds to weld
irregularity; b corresponds to stiffness irregularity; and c corresponds to harmonic irregularity
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Firstly, the mature and reliable theory is adopted to establish a complete theo-
retical calculation model for the interaction of vehicles, tracks, and foundations.
The model is used to calculate the evaluation parameters, including the running
quality of the vehicle system, the interaction between train and track, the stability of
the track system, vibration propagation, and damping effect. The calculated eval-
uation parameters can be compared with the commercial software and the measured
data of urban rail transit and high-speed railway to ensure the reliability of the
calculation results.

The interaction between vehicle and track is caused by the irregularities between
wheels and rails. Although the dynamic response of the vehicle and track system
caused by the single deterministic irregularity is difficult to be obtained through the
field measurement, it can be accurately calculated by the dynamic model. In the
design, acceptance and operation specifications and standards of urban rail transit
and high-speed railway, there are clear limits for certain geometric irregularities
such as weld irregularities and harmonic irregularities. Therefore, the irregularities
between wheels and rails used in the dynamic calculation model can be determined
depending on the engineering specifications.

In order to construct a multi-index comprehensive evaluation method, using the
above dynamic calculation model, the evaluation scale and evaluation object is
determined by calculation. The multi-index comprehensive evaluation method
based on gray theory can give a quantitative evaluation of the availability of
existing typical vibration damping tracks in high-speed railways. It is also possible
to determine the reasonable range of key dynamic parameters of high-speed railway
vibration damping track. Then, combined with the experience of an urban railway
and the test results of high-speed railway, the classified vibration damping strategy
of the high-speed railway can be determined (Fig. 3).

The above research method is characterized in that the evaluation index calcu-
lation and evaluation process are based on the same model and the same evaluation
scale, which can eliminate process errors.

The wheel–rail irregularity originates from the engineering standards. The the-
oretical model is verified by engineering measured data. The formulation of the
grading vibration damping strategy takes into account the experience of the urban
railway and the test results of high-speed railway vibration damping track. Through
the above steps, the theoretical research process and engineering practice are closely
combined to ensure the reliability and usability of the research conclusions.

5 The Property Maintenance of the Vibration
Damping Track

Under the long-term loading, the components of the vibration damping track will
gradually age, and the damping capacity will recede. The daily inspection of the
railway maintenance department can hardly find the performance change of the
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vibration damping track. When the vibration reduction capability reduced to a
certain degree, the vibration of the sensitive points will exceed the standard and
cause the complaint event. In recent years, there are more and more complaints
caused by environmental vibration around urban rail transit.

The railway maintenance department will investigate the performance attenua-
tion of the vibration damping track after receiving the complaint report. It is usually
to replace vibration absorber parts or upgrade vibration damping measures to solve
the problem of excessive vibration at sensitive points. The above method of
resolving vibration complaints is a passive process, as shown in Fig. 4. Although
the complaint of over vibration can be solved, the vibration may have caused
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Fig. 3 Research model of key issues in high-speed railway environment vibration control system
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damage or loss to vibration-sensitive points and it affects the reputation of rail
transit. Therefore, the damping effect of vibration mitigation measures should have
a certain amount of redundancy when selecting the type of vibration damping track.
Generally, it can be considered about 3 dB in urban rail transit.

For the large-scale applications of vibration damping track in urban rail transit,
the dynamic problems have also aroused widespread concern. Abnormal wave
grinding, poor train running comfort and increased noise are common in vibration
damping track areas. Compared with the urban rail transit, the trains in high-speed
railway have larger axle loads and higher speed. Thus, in order to avoid the above
problems of vibration damping track in long-term service, the experience of urban
rail transit should be used for reference to research the environment vibration
control system in high-speed railway. Of course, the high-speed railway engi-
neering test results of the vibration reduction track are also of the important ref-
erence value.

6 Conclusion

For the environment vibration control, the characteristics are summarized in rail
traffic and the research status is presented in high-speed railway. Thus, the key
points and research models of establishing environment vibration control system in
high-speed railway is put forward.

The environment vibration control of high-speed railway is a systematic project.
Based on a large number of on-site tester search, simple and feasible prediction
formulas have been established. However, the application of vibration damping
tracks in high-speed railway is still in an exploratory stage. The establishment of
environment vibration control system needs to be studied. In the vibration control
system of high-speed railway, the key issues are that the study of the availability of
existing typical vibration damping track seeks the reasonable value range of key
important dynamical parameters of the damping track and formulates the strategies
and the classification principle of graded vibration reduction.

The research method of the environmental vibration control system in
high-speed railway is constructed in this paper. The dynamic response of train and
track systems, the dynamic response of foundations, and structures can be con-
sidered comprehensively. The multi-index comprehensive evaluation method
should be considered in future dynamic response research. The quantitative analysis
of the availability and key dynamics parameters of the typical vibration reduction
track can be carried out based on a unified model and evaluation scale.
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Numerical Analysis of Train-Induced
Vibrations Effect on Existing Masonry
Building

Qian Xia, Wen-Jun Qu, Yi-Qing Li, Jin Zhao and Meng-Yun Gan

Abstract Based on the masonry structures in Shanghai adjacent to the subway, this
paper sets up a detailed numerical model. Measured vibration acceleration serves as
the input excitation, and the parameters of the model were calibrated by the mea-
sured vibration response. Through numerical analysis, it is studied that metro
train-induced vibrations and their influences on existing masonry building from two
aspects—one is the vibration level changing with the story height, and the other is
the vibration level changing at all the rooms on one floor—the different slab
properties, different room size, and other factors affected vibration response dis-
tribution. In the precast slab room, the vertical vibration arrangement is greater than
that in the cast in situ floor slab room. Vertical vibration at the ash between the
precast slabs had a certain amplification effect; the room depth parameters had a
small effect on the vibration intensity. The width of the room has a significant effect
on the vertical vibration.
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1 Instructions

The urban transportation route selected for this study is based on its forecast on the
volume of travelers; the route does not avoid densely populated areas, the safety of
sensitive, and demand for special functions that are affected by long-term vibration.
In recent years, studies both local and international on free-field ground motion
regularity caused by the subway have been unrestricted. Research on special sen-
sitive construction affected by the vibration was mainly focused on the forecasting
methods and the evaluation of the case [1]. Subjects of the studies include bank
buildings [2, 3], scientific research institutes [4, 5], places of historic interest [6, 7],
and museums [1]. The varied materials and the construction form of these buildings
introduce difficulties to the study of the vibration distribution.

Masonry structure, compared with the different construction forms of tall steel
structures, such as steel and concrete composite structure, has a single architectural
form. Its structure is usually the same as the surrounding buildings in the area, with
the same materials, number of layers, scale, and shape. As such, the study of its
corresponding vibration distribution is convenient. In this paper, the background of
the old city in Shanghai is presented, in which its existing masonry buildings are
influenced by the subway. By integrating two residential projects in Shanghai, this
paper will discuss the field testing of the three directions of vibration on one vertical
and two horizontal directions, i.e., the X-, Y-axes of the masonry buildings resulting
from the subway movement. A numerical model for the two residential buildings is
also presented showing the collection of real information of the two buildings.
Thereafter, an analysis and comparison of the results from two different methods
which are field-measured data and numerical analysis model vibration data will be
discussed. Beyond presenting the principles of the vibration system of the masonry
structure, this paper will also provide valid data to guide future research.

This paper combines the numerical simulation and testing method to study the
existing masonry structure in a vibration environment caused by the urban rail
movement. This will address the environmental vibration problems in this aspect.

2 Experimental Introduction

The test site is located by the subway line of a station in Shanghai. The test field
includes two ordinary brick residential buildings close to metro line one (Fig. 1).

The test residential buildings were built in the 1960s. The two buildings are a
five-story brick and concrete, rectangular structure. Building 1 has an east–west
length at 28.8 m, with its north–south dimensions approximately 12.1 m wide, with
a construction area of approximately 1742 m2; Building 2 has an east-west length
of 22.5 m, with a north–south width of approximately 12 m. The first and second
buildings’ distances from the centerline of the orbit are 22 m and 10 m, respec-
tively. The structures are horizontal load-bearing wall systems with no basements.
And the floor spacing 2.8 m on each floor is a precast slab.

106 Q. Xia et al.



The sensor arrangement of the building is shown in Fig. 2. The B-D axis of
Building 1 and Building 2 is a stairwell with a span of 1.35 m. The two spans of
B-D and D-E in Building 1 and Building 2 are both indoor rooms. The span of the
slab is 4.8 m and 5.2 m, respectively. In order to compare the vibrations in the three
directions of the slab, sensors are installed in the stairwells on the first, third, and
fifth floors of Building 1 and Building 2 and the indoor floor on the second and
fourth floors. In order to compare the vibration of the floor slab, a second placement
scheme was made for Building 2, and a sensor was placed on each floor of the
stairwell to test the vertical direction (Z-direction) and horizontal direction
(X-direction along the longitudinal direction of the building and Y-direction along
the lateral direction of the building). Because of the limited number of sensors, the
vertical and horizontal vibrations of buildings are tested in groups.

Fig. 1 Test building photographs: a north elevation, b south elevation

Fig. 2 Layout of measuring points on buildings: a in Building 1, b plan 1 for Building 2, c plan 2
for Building 2
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3 Numerical Analysis of Masonry Building

Several factors such as vibration source, propagation path, and building structure
influence the metro-induced vibration of the buildings. All subsystems considered
during numerical modeling can cause complications and result in inaccurate pre-
dictions. The three-dimensional finite element model of the masonry structure is set
up in this paper, using the measurements of the part of the room to adjust model
parameters, and the adjusted model is applied to the analysis of the vibration
distribution of each room in the entire building.

3.1 The Research Object and Size of the Model

The simulation study is based on Building 2 as the research object; the building’s
distance from the centerline of the orbit is 10 m. The model in this article is set up
based on the actual situation of the masonry structure. In order to simulate the
vibration of real masonry structure as far as possible, the numerical model is
established by ANSYS finite element software according to the actual situation of
masonry structure including staircase (Fig. 3).

3.2 Unit Type and Component Section

The floor and wall of the building are simulated by SHELL181, and the beam and
column are made of BEAM188. The thickness of the brick wall is 240 mm; the
single-layer SHELL element is used to give masonry material property. The thick-
ness of prestressed hollow slabs is 100 mm, and that of some cast-in-place slabs is
100 mm, to give concrete properties. It is worth knowing that, because of the
plastering gap connection between the precast slabs, the strength of the plastering
gap is much lower than that of the precast slab; it can be neglected, that is, when the
model is established, the plastering gap edge of the precast slab connection is

Fig. 3 Sketch map of the finite element model: a north elevation, b south elevation, c profile map
of the staircase, d plane graph
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considered by the free side. However, because of the huge memory occupied by the
building 3D numerical model and the limited computing ability of the computer, it is
not possible to make the simulation of the plastering gap between the various precast
slabs. Therefore, the author only makes the plastering gap treatment on the wall edge
position of the precast slab layout direction, that is, the precast slab boundary is made
into a free edge. The sections of beams and columns are user-defined, and longi-
tudinal steel bars are arranged at four corners. As shown in Figs. 4 and 5, the section
of the ring beam is 240 � 240, the section of the staircase beam is 240 � 300, and
the section of the column is 240 � 240. With the same reinforcement at the bottom
and top of the section of the ring beam and the structural column, the longitudinal
reinforcement area is As ¼ 24� 24� 2 ¼ 1152mm2. The ratio of reinforcement at
the bottom and top of the section is 2.0%.

Fig. 4 Section of a ring
beam

Fig. 5 Section of a structural
column
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3.3 Material Properties and the Selection of the Model Size

The material data collected on the spot are limited, so it is only for reference. In the
program, the strength grade of sintered ordinary brick is MU10, mortar strength
grade is M2.5, and the design value of compressive strength of sintered ordinary
brick masonry is 1.30 MPa. It is considered that the quality control grade of
masonry construction can reach the B level specified in <Code for acceptance of
construction quality of masonry engineering> (GB 50203-2002) [8] and take the
partial coefficient of material properties cf = 1.6.

fk ¼ cf � f ¼ 1:6� 1:30 ¼ 2:08MPa ð1Þ

According to <Unified standard for reliability design of building structures>
GB 50068 [9], the relationship between the standard value of masonry strength and
the average value is

fk ¼ fm 1� 1:645dfð Þ: ð2Þ

In the formula: fk—standard value of masonry strength;
df—the coefficient of variation of masonry strength, that is determined by

statistics of test results.
According to the description of provisions of <Code for design of masonry

structures> (GB 50003-2001), the coefficient of variation in the formula of the
average strength of sintered ordinary brick masonry is df = 0.205. The masonry
structure studied in this paper was constructed between 1985 and 1994 and,
therefore, takes a low coefficient of variation df = 0.1. So the average value of
masonry strength is:

fm ¼ fk
ð1� 1:645dfÞ ¼

2:08
ð1� 1:645� 0:1ÞMPa � 2:5MPa ð3Þ

The strength grade of concrete is C20, the design value of the compressive
strength fc is 9:6MPa, the average value of the compressive strength of the masonry
fm is 2:5MPa, the strength classes of steel bar are HRB335, and the design value of
the yield strength fy is 300MPa. The material properties are shown in Table 1.

Table 1 Material properties

Properties Initial elastic
modulus (MPa)

Poisson
ratio

Density
(kg/m3)

Damping
ratio

Intensity
(MPa)

Concrete 0.912 � 104 0.2 2500 0.1 9.6

Masonry 0.1553 � 104 0.16 1800 0.07 2.5

Steel bar 2.1 � 105 0.3 7850 – 300
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The mathematical expression of stress–strain relation of concrete under axial
compression proposed by <Code for design of concrete structures> (GB 50010)
[10] is as follows:

rc ¼ fc 1� 1� ec
e0

� �nh i
ec � e0

rc ¼ fc e0\ec � ecu

)
ð4Þ

n ¼ 2� 1
60

fcu � 50ð Þ ð5Þ

e0 ¼ 0:002þ 0:5 fcu � 50ð Þ � 10�5

eu ¼ 0:0033� fcu � 50ð Þ � 10�5:
ð6Þ

The stress–strain relationship of masonry materials under compression is shown
in Fig. 6.

The vibration of the subway studied in this paper belongs to elastic deformation,
so the stress–strain curves of masonry at fm = 2.5 MPa are shown in Fig. 7.

In order to simulate the subway environment vibration performance of the real
structure, and based on the past studies [11], the present study has chosen the
concrete damping ratio at 10% and the masonry material damping ratio at 7%.

In analyzing the unit division of the structure, considering the small speed of the
bending wave, and following 1/8 of the fluctuation refining standard, the unit
division of the beam, the column, and the slab, the maximum size of the unit
is mainly affected by the beam height and the slab thickness. The largest unit size is
0.5 m when the vibration frequency is 80 Hz. The accuracy of the calculation is
ensured following the size of this division.

Fig. 6 Compressive stress–strain curve of masonry
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3.4 Incentive Load Input

In order to analyze the vibration response discipline, the interaction between the soil
and the structure is disregarded, and the relative motion method is used. Past studies
[12] recommend that under the vibration environment, the building’s vibration may
be calculated regardless of the interaction between the soil and the structure. The
building’s bottom input data consider the measured acceleration time history in the
wall–floor junction and input the data based on the consistent incentive method
(Fig. 8). Studies [13, 14] also recommend the safety of this method. Using Rayleigh
damping, with the building fundamental frequency and 80 Hz, the system damping
ratio is 0.05, thus obtaining the Rayleigh damping coefficient. The Newmark direct
integral method is adopted from dynamic analysis, and the time step is 0.005 s.

It can be observed from Fig. 8 that the duration of the influence of the subway
train on the vibration of the building is about 10 s. In the frequency spectrum, the
vibration has a peak value in both 0–20 and 40–70 Hz, and the peak value of 40–
70 Hz is larger.

4 Model Checking

4.1 Vertical Vibration Level Analysis Comparison

The vertical acceleration at indoor rooms on floors 2, 4 and in the staircase on floors
3, 5 is used to check the model. Details for each room are shown in Fig. 9.

Fig. 7 Compressive stress–
strain curve of masonry used
in this paper (using elastic
section)
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Figure 10 shows the change curve with the changing stories of the calculated
and the measured values of Z vibration level. The changes in rules and values are
consistent, and the maximum deviation is 1.4 dB (Table 2).

Fig. 8 Time history and Fourier spectrum of input accelerations

Fig. 9 Interior room details
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4.2 Vibration Acceleration Level Comparison

As a further contrast of vibration response in different positions on one floor in the
one-third octave band domain, only vertical acceleration level of the fourth floor is
shown because of the limited length (Fig. 11). The visible contrast corresponds
with the calculated value in each center frequency.

Fig. 10 Comparison of
calculated and measured
vertical vibration level

Table 2 Calculation error of
vertical vibration level

Maximum deviation Indoor room Staircase

2nd floor −0.1 –

3rd floor – 1.3

4th floor −0.7 1.4

5th floor – −0.8

Negative values represent the model vibration results less than the
test vibration results

Fig. 11 Comparison of calculated and measured acceleration level in a vertical direction
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5 Analysis of Vibration Response Regularity

In order to compensate for the limitations of the test, the model was checked and the
vibration response regularity was further analyzed in different rooms.

5.1 Changes in Vibration Along Floor Heights

Comparison of Vibration Between the Mid-span and the Wall–Floor Junction
Contrasting the vertical vibration between the mid-span and the wall–floor junction,
with the subway passing the structure, the rooms SN2, C1, C2, W1, and W2 were
taken as examples. Figure 12 lists only the vibration of the two floors (the second
and fifth floors) because of limited length. The results show that when the subway
passed, the vertical vibration at larger mid-spans was 1–3 dB higher than that at the
junction. The vertical vibration in smaller rooms such as the kitchen or restroom
was 0.3–2 dB higher than that in the wall–floor junction. The vibration response in
all rooms indicates that the vibration level on the fifth floor is higher than that on the
second floor at the mid-span and the wall–floor junction.

Comparison of Vibrations Between the Precast Slab Room and the Cast In
Situ Floor Slab Room This study aims to examine the existing masonry structure
of environmental vibration and floor characteristics. The two kinds of slab features
are the precast slab and the cast in situ floor slab. In the actual structure, the
majority of older buildings use precast slab, and only certain portions of the
building use the cast in situ slab, following the building function. This situation is a
common practice. The two buildings in the experiment belong to this type.
A numerical model was set up close to the actual situation, as well as the estab-
lishment of the precast slab and cast in situ floor slab. These are essential for the
analysis of the floor characteristics.

In the test building, with the need for function, the bathroom floor uses the cast
in situ floor slab and the rest of the room use cheap precast slab. In order to avoid
other factors on the characteristics of the floor in the research on the effects of

Fig. 12 Vibration response
comparison on the 2nd and
5th floor at mid-span and the
wall–floor junction
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vibration, almost the same kitchen of other parameters was chosen, compared with
the vibration of the position corresponding to the toilet. Figure 13 shows the
comparison of the C1 and W1, and C2 and W2; it can be seen, in every floor,
vertical vibration level: Vibration strength of C1 and W1 generally is consistent,
and vertical vibration of C2 is higher than the vibration of the W2 about 3–3.5 dB.
Overall, the cheap precast slab has a certain extent amplification effect of vertical
vibration, while the cast in situ floor slab has a relative attenuation effect of vertical
vibration; the reason should be its material properties.

Precast slab ash seam position (arrow position) vibration intensity compared
with no mortar joint processing of the precast slab vibration intensity is high about
2–3 dB; it is visible of the vibration strength amplification between the precast slabs
of ash seam, and the magnifying effect cannot be ignored. From the point of view
about the simplified model, mortar joint treatment only sets up at the corner of the
wall along the precast slab layout direction. The actual situation, that is, the mortar
joint is built between each precast slab, further infers that vertical vibration strength
of the precast slab room is greater than that in the cast in situ floor slab room
(Fig. 14) [15, 16].

Fig. 13 Comparison of vibration level in the vertical directions at mid-span and the wall–floor
junction with the story height between the kitchen room and washroom

Fig. 14 Three-dimensional images of vertical vibration at all rooms on one floor
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Impact of Width and Depth of the Room and the Wall Constraint Condition
on Vibration In order to study the parameter about the depth of the room influence
on the vibration, this paper chose the SN1 and SN2 in which the depth of the room
is different, while the other parameters are almost the same and compare the
vibration of these two rooms. The width of the two rooms is all 3.3 m, and the
depth of the two rooms is 6 m and 4.8 m, respectively (Fig. 15). In addition to the
same vibration strength in the Y-direction on 3 and 4 floors, the vibration strength in
three directions on each floor is that in SN2 it is greater than that in SN1. The
maximum deviation is only 0.2 dB; the depth of the room influence on the vibration
strength is small and negligible.

In order to study the influence of room width on vibration, C1 and C5 were
selected. The room widths are different, whereas the other parameters and the
constraint condition are almost the same. Thus, the vibration of C1 and C5 is
compared. The rooms both have depths of 3.15 m, and the widths of C1 and C5 are
1.65 m and 3.3 m, respectively. The results are shown in Fig. 16. The comparison
of vibration level in the three directions obtained from the two rooms indicates that
the horizontal vibration intensity is almost the same, and the vertical vibration in C5
is greater than that in C1. The maximum deviation is only 3.6 dB on the top of the
floor; the width of the room has no significant effect on horizontal vibration and
greatly affects vertical vibration. The large width of the room corresponds to great
vibration intensity.

Fig. 15 Comparison of vibration level in the three directions in the mid-span floor along the floor
height between the SN1 and SN2

Fig. 16 Comparison of vibration level in the three directions in the mid-span of the floor with
story height between Kitchen 1 and Kitchen 5
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Fig. 17 Three-dimensional images of vertical vibration at all rooms on each floor: a the second
floor, b the third floor, c the fourth floor, d the fifth floor
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5.2 Distribution Regularity of Vibration Response
on the Same Floor

The analysis of the existing structure is limited to the vibration in several rooms.
The detailed description of the vibration situation in each room was not
described. The 3D cloud image displays the vibration situation in each room, and
Fig. 17 indicates the vibration strength distribution in each room on every floor
when the subway passes by the building, which can provide a basis for
macro-comparison.

Figure 17 shows the three-dimensional cloud result based on the numerical
analysis in Sect. 5.1. In addition, it shows that vibration intensity has relationships
with certain parameters, such as room depth and room width, slab properties, and
floor location. The three-dimensional images facilitate visual qualitative analysis of
the train-induced vibration and provide a strong basis for the environmental
assessment of the existing structures and their subsequent isolation analysis [15].

6 Conclusion

1. When the subway passes, the vertical vibration level in the center of the large
span indoor floor slab is 1–3 dB larger than that in the wall–floor junction, and
the vertical vibration level in the center of the small span floor slab is 0.3–2 dB
larger than that in the wall–floor junction.

2. The cheap precast slab has a greater amplification effect of vertical vibration
than that of the cast in situ floor slab. The vibration intensity in precast slab ash
seam position compared with that of the precast slab without mortar joint
processing is higher by approximately 2–3 dB, and the vibration strength
amplification between the precast ash seam slab is visible.

3. (a) The influence of room depth on vibration strength is small and negligible;
(b) the influence of room width on vertical vibration is high. Greater room width
results in higher vibration intensity.

4. Vibration intensity has relationships with certain parameters, such as room depth
and room width, slab properties, and floor location.
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Determination of Environmental
Vibration Source Based on Natural
Frequency of Different Bearing Slabs

Qian Xia, Wen-jun Qu, Yi-qing Li and Ya-ni Sun

Abstract Based on the residential buildings adjacent to the metro line in Shanghai,
the self-vibration frequency of cast-in-place and prefabricated boards was calcu-
lated with the energy method and a numerical model was validated with the finite
element method. Results show that the self-vibration frequency of different support
slabs calculated by theoretical calculation is approximately similar to that by the
numerical simulation, which proves the correctness of the results obtained from the
theoretical formula. And according to the analysis results of the self-vibration
frequency of different supports, whether the floor vibration caused by people’s
discomfort really originates from the urban traffic vibration is verified. Calculation
and the verification method of the self-vibration frequency of different supports can
provide the basis for the vibration control and vibration isolation of the floor.
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Theoretical calculation
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1 Instructions

The vibration of the architectural floor slab is not a new issue, as Tredgold had
already written the literature which is “Griders Always Should be made as deep as
They Can, to Avoid the Inconvenience of Not Being Able to Move on the Floor
without Shaking Everything in the Room [1].” Soon after, the vibration of the floor
slab has attracted the attention of many experts and scholars, and an abundance of
research achievements came out directly to vibration problems which are caused by
some other movements rather than subway or trains. However, when analyzing the
vibration distribution in the room caused by urban transportation, it is impossible to
determine which floor slabs’ vibration is caused by urban transportation and which
is caused by non-urban transportation factors (such as equipment vibration,
rhythmic movements and construction works around the buildings). Only by
accurately calculating the natural frequency of the floor, when the value is within
the frequency range of the floor vibration excited by a certain vibration source, it
can be proved that the vibration is caused by the vibration source. This analytical
method is still not talked about among the researches by other teams; this paper will
focus on the research of accurate calculation of the natural vibration frequency of
the slab and verify whether the floor vibration caused by people’s discomfort really
originates from the urban traffic vibration so as to provide the basis for the vibration
control and vibration isolation of the floor. Usually, the vibration caused by subway
and ground vehicles is called urban complex traffic; hereafter, the author will use
the short name urban traffic.

This paper mainly studies the vertical vibration of the floor system; corre-
sponding natural frequency is the vertical natural frequency; for layout rule, mass
distribution and simple boundary conditions of the floor system, the first mode
vibration plays a controlling role; and in the following description, the natural
frequency refers to the first natural frequency of the vertical vibration of the floor
system.

2 Theoretical Calculation

2.1 Basic Assumption and Vibration Differential Equation

A plate has a thickness far less than the other two sizes of the elastic plank, and the
material is assumed to be isotropic. The plank vibration theory is based on three
assumptions:

(1) Plank bending deformation in the middle surface line is still in the middle
surface line. This is the straight-line assumption with the transverse shear
deformation ignored.
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(2) The deflection of the plank is much smaller than the thickness of the plank, the
middle surface of the plate does not deform when the plate is bent, and the
middle surface is the neutral surface.

(3) The lateral positive stress of the plate can be ignored.

On this basis, if the deflection of the plate is not calculated from the plane
position, and from the equilibrium position, the differential analysis of the plate
parallelepiped, the equilibrium condition, the deformation coordination conditions,
the physical equation of the bending equilibrium equation and then the analysis of
the total dynamic balance of the plate in the vibration process, the free vibration
differential equation can be obtained:

@4W
@x4

þ 2
@4W
@x2@y2

þ @4W
@y4

þ m
D
@2W
@t2

¼ 0 ð1Þ

where W is the deflection function of the board; �m ¼ q h, in which q is the board
density and h is the plate thickness; D ¼ Eh3=12 1� m2ð Þ is the flexural rigidity of
the board, in which E and m are the elastic modulus and Poisson ratio, respectively;
and t is the time variable. The form of the solution to differential Eq. (1) is the
deflection of each point on the thin plate.

W ¼P1
m¼1 Am cosxmtþBm sinxmtð ÞFmðx; yÞ is expressed as the superposition

of the deflection of numerous modes, and the deflection of each mode is represented
by the shape function Fmðx; yÞ. In order to obtain the shape function Fm under the
various modes and the corresponding circular frequency xm, let the solution of the
equation be as follows:

W ¼ Fðx; yÞðA cosxtþB sinxtÞ, substitute for (1)
@4F
@x4

þ 2
@4F

@x2@y2
þ @4F

@y4
� a4F ¼ 0 ð2Þ

where a4 ¼ x2qh=D. For example, x ¼ 0, and the corresponding boundary con-
ditions are:

Fixed edge: fixed edge displacement and corner for 0, F ¼ @F
@x ¼ 0.

Simply supported edge: simply supported edge displacement and moment for 0,
F ¼ @2F

@x2 ¼ 0.

Free edge: free edge moment and shear force for 0, @2F
@x2 þ m @2F

@y2

� �
x¼0

¼ 0,

@3F
@x3 þð2� mÞ @3F

@x@y2

h i
x¼0

¼ 0.
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2.2 Energy Method

The energy method is an approximate method by D. C. L. Rayleigh to calculate the
minimum natural frequency of a thin plate. Its basic principle is as follows: When a
plate vibrates freely with a circular frequency x and its shape function Fðx; yÞ, its
instantaneous deflection can be expressed as

Wðx; y; tÞ ¼ ðA cosxtþB sinxtÞFðx; yÞ ð3Þ

The natural vibration frequency is mainly studied here, assuming the external
load and free vibration of the thin plate. When the plate passes through the balanced
position, there are W ¼ 0, sinxt ¼ 0; cosxt ¼ �1; at this time, the speed is up to
the maximum �xF, deformation potential energy of the plate is 0, and the kinetic
energy reaches maximum, that is,

Tmax ¼ 1
2

ZZ
mx2F2dxdy ð4Þ

When the vibration plate is in the equilibrium position farthest, there are
W ¼ �F; sinxt ¼ �1; cosxt ¼ 0; at this point, the kinetic energy of the plate is 0
and the deformation potential energy of the plate is the largest, that is,

Umax ¼ D
2

ZZ
ðr2WÞ2 � 2ð1� mÞ @2W

@x2
@2W
@y2

� @2W
@x@y

� �2
" #( )

dxdy ð5Þ

According to Green’s theorem, we can deduce:

ZZ
@2W
@x2

@2W
@y2

� @2W
@x@y

� �2
" #

dxdy ¼
Z

@W
@x

@2W
@x@y

dxþ @W
@x

@2W
@y2

dy
� �

ð6Þ

For a rectangular thin plate with no free edges, only with simply supported edges
and fixed edges, on the boundary where X is a constant, there are dx ¼ 0; @

2W
@y2 ¼ 0,

dy ¼ 0; @W@x ¼ 0, and then, Formula (5) can be simplified as:

Umax ¼ D
2

ZZ
ðr2WÞ2dxdy ð7Þ

According to the law of conservation of energy, the maximum kinetic energy is
equal to the maximum potential energy, that is,

Umax ¼ Tmax ð8Þ

Using this equation, the self-vibration frequency can be obtained.
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2.3 Deduction of Calculation Formula for Natural
Vibration Frequency of Rectangular Thin Plate

The minimum natural vibration frequency in engineering was calculated by the
energy method [2, 3]. Generally speaking, the mode shape function (displacement
function) only needs to satisfy the displacement boundary conditions, not necessary
to satisfy the internal force boundary condition, because internal force boundary
conditions are equilibrium conditions, and in the energy method, the equilibrium
condition has been replaced by energy relation. Of course, if you can, meanwhile,
meet some or all of the internal force boundary conditions, getting the lowest
natural vibration frequency can have better accuracy. If the mode shape curve is
accurate, the corresponding vibration frequency is also accurate. If the mode shape
curve is an approximation, the corresponding frequency is also approximate.

Assume the mode shape function to derive the formulas for calculating the
natural frequencies of the four-side supported rectangular plates with six different
boundary conditions. Six different forms of the border are shown in Fig. 1a–f.

1. Simply supported rectangular plate with four sides

Simply supported plate with four sides is shown in Fig. 1a; taking the mode-type
function as double trigonometric series proposed by C. L. Navier: F ¼P1

m¼1P1
n¼1 Cmn sin mpx

a sin npx
b , which meets the displacement boundary conditions, sub-

stitution of (4) and (5) yields:

(a)

(d) (e) (f) (g)

(b) (c)

Fig. 1 Supporting plates under different conditions: a four-side simple branch, b three-side simple
branch, one-side fixed support, c adjacent edge simply supported, adjacent edge solid support,
d one-side simple support, one-side fixed support, e three-side solid support, one-side simple
support, f four-side solid support, g one-side simple support, one-side free
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Tmax ¼ x2mab
8

X1
m¼1

X1
n¼1

C2
mn
;Umax ¼ p4abD

8

X1
m¼1

X1
n¼1

C2
mn

m2

a2
þ n2

b2

� �2

When m ¼ n ¼ 1, the minimum frequency can be obtained from Formula (8)

x1 ¼ p2
1
a2

þ 1
b2

� � ffiffiffiffi
D
m

r
ð9Þ

The vibration mode function of a simply supported plate with four sides is
accurate, which not only satisfies the displacement boundary conditions but also
meets the internal force boundary conditions. The calculated vibration frequency is
also the exact solution.

2. Three-side simple branch, one-side fixed support

The plate with three-side simple branch, one-side fixed support is shown in Fig. 1b,
and the mode function F ¼ 2x4 � 3ax3 þ a3xð Þ sin py

b can satisfy x ¼ a one-side
fixed support, x ¼ 0; y ¼ 0; y ¼ b three-side simple branch condition. The follow-
ing equation can be obtained from (4), (5) and (8):

Tmax ¼ 19x2m
4� 630

a9b;Umax ¼ Da5b
4

36
5

þ 19p4a4

630b4
þ 24p2a2

35b2

� �

x1 ¼ 1
a2

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
126
19

36þ 24p2a2

7b2
þ 19p4a4

126b4

� �s ffiffiffiffi
D
m

r
ð10Þ

3. Adjacent edge simply supported, adjacent edge solid support

As shown in Fig. 1c, the mode function F ¼ C1 2x4 � 3ax3 þ a3xð Þ 2y4�ð
3by3 þ b3yÞ can satisfy x ¼ 0; y ¼ 0 adjacent edge simply supported, x ¼ a; y ¼ b
adjacent edge solid support boundary condition. The following equation can be
obtained from (4), (5) and (8):

Tmax ¼ 19x2m
2� 6302

a9b9;Umax ¼ Da5b5

2
36� 19
5� 630

a4 þ 36� 19
5� 630

b4 þ 2� 122

352
a2b2

� �

x1 ¼ 6
a2

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
126
19

1þ 144a2

133b2
þ a4

b4

� �s ffiffiffiffi
D
m

r
ð11Þ
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4. One-side simple support, one-side fixed support

As shown in Fig. 1d, the mode function F ¼ sin px
a 1� cos 2pyb
	 


can satisfy x ¼
0; x ¼ a simple support, y ¼ 0; y ¼ b fixed support boundary conditions. The fol-
lowing equation can be obtained from (4), (5) and (8):

Tmax ¼ 3x2m
2� 4

ab; Umax ¼ Dab
2

3p4

4a4
þ 4p4

b4
þ 2p4

a2b2

� �

x1 ¼ p2

a2

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ 8a2

3b2
þ 16a4

3b4

r ffiffiffiffi
D
m

r
ð12Þ

5. Three-side solid support, one-side simple support

As shown in Fig. 1e, the mode function F ¼ 2x4 � 3ax3 þ a3xð Þ 1� cos 2pyb
	 


can
satisfy x ¼ 0 one-side edge fixation, x ¼ a; y ¼ 0; y ¼ b three-side simple branch
boundary condition. The following equation can be obtained from (4), (5) and (8):

Tmax ¼ 3� 19x2m
4� 630

a9b; Umax ¼ Da5b
2

36� 3
5� 2

þ 16� 19p4a4

2� 630b4
þ 2� 24p2a2

35b2

� �

x1 ¼ 1
a2

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
420
19

54
5

þ 48p2a2

35b2
þ 152p4a4

630b4

� �s ffiffiffiffi
D
m

r
ð13Þ

6. Four-side solid support

As shown in Fig. 1f, the side lengths of the rectangular plate are 2a and 2b, and the

vibration coefficient F ¼ C1 x2 � a2ð Þ2 y2 � b2ð Þ2 can satisfy the boundary condi-
tions. The following equation can be obtained from (4), (5) and (8):

Tmax ¼ 215x2m
81� 25� 49

a9b9;Umax ¼ 214Da5b5

9� 25� 7
a4 þ b4 þ 4

7
a2b2

� �

x1 ¼ 1
a2

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
63
2

1þ 4a2

7b2
þ a4

b4

� �s ffiffiffiffi
D
m

r
ð14Þ

Based on the above analysis, the formulas of the natural frequency of rectangular
plates with different boundary conditions are obtained.

Rectangular sheets have no free edge, so we do not have a pair of edge simple
support, a pair of free boundary conditions for analysis. The following is the
derivation of the natural frequency of the boundary condition as shown in Fig. 1g.

The differential equation of the transverse free vibration of plate is Formula (2),
and the classical expression of the mode function is given as follows:
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F ¼ Amsha1yþBmcha1yþCm sin a2yþDm cos a2yð Þ sin ax ð15Þ

In the formula, a ¼ mp=a, a1 ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffi
c2 þ a2

p
and a2 ¼

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
c2 � a2

p
. Formula (15)

satisfies vibration differential equation and x ¼ 0; x ¼ a boundary conditions.
According to the boundary conditions y ¼ 0; y ¼ b, four homogeneous linear
equations with Am, Bm, Cm and Dm as unknown quantities which are not all zero are
obtained, and the frequency equation is obtained [3]

2a1a2 c4 � l� 1ð Þ2a4
h i2

cha1b cos a2b� 1ð Þ

þ a2a c2 þ 1� lð Þa2� �4�a21 c2 þ l� l1ð Þa2� �4n o
sha1b sin a2b ¼ 0

ð16Þ

Corresponding to a certain value of m, the corresponding natural frequency
xm1;xm2;xm3. . . can be obtained by Eq. (16), where m = 1 is the fundamental
frequency. The mode function shown in Formula (15) must satisfy m\ca=p, that

is, x[ m2p2
a2

ffiffiffi
D
m

q
. So the traditional view is that the minimum natural frequency of

the plate is equal to the natural frequency of a simply supported beam, which is

x1 ¼ m2p2

a2

ffiffiffiffi
D
m

r
ð17Þ

In summary, the formulas of the natural frequency of the plate with seven
boundary conditions are deduced and summarized.

2.4 Calculation Natural Frequency of Rectangular
Thin Plate

The research object is building No. 2 which is field measured and numerically
simulated by the author of this paper in the literature [4–7], as shown in Fig. 2, and
each room name and plane layout are shown in Fig. 3. The floor of the residential
building has mainly two kinds of precast panels and cast-in-place board, respec-
tively, as the boundary conditions for a pair of free, one-side simple support and
four-side solid support. In order to obtain the natural experiment frequency of the
concrete floor, the following typical buildings are selected for calculation, and the
material is concrete E ¼ 0:912� 104 MPa; m ¼ 0:2 ; q ¼ 2500 kg/m3.

1. Prefabricated room

Three prefabricated board rooms, which are indoor 1 (SN1), indoor 2 (SN2) and
kitchen room five (C5), with room sizes of 3.3 m � 6 m, 3.3 m � 4.8 m and
3.3 m � 3.15 m, respectively, are selected. A thick prefabrication plate of the lap is
a pair of edge simply supported by a pair of free support. Analyzed by
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Formula (17), the natural frequency is only related to the span of the board, so the
three rooms have the same natural frequency.

Bending stiffness of plates: D ¼ Eh3
12ð1�m2Þ ¼ 0:912�104�106�0:13

12ð1�0:22Þ ¼ 791; 666:67;

Quality of the prefabricated panel unit area (thickness of 100): m ¼ 164:2 kg/m2;

Prefabricated panel frequency: x1 ¼ p2
a2

ffiffiffi
D
m

q
¼ p2

3:32

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
7
9 1; 666:67164:2

q
¼ 62:9;

Prefabricated natural frequency: f ¼ x
2p ¼ 62:9

2p ¼ 10:01Hz.

Fig. 2 Test building photographs: a north facade photograph, b south facade photograph

Fig. 3 Name and location of each room
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2. Casting board room

Select bathroom 9 (W9), whose size is 2a� 2b = 3.3 m � 2.4 m. The supporting
condition is four sides of solid support, according to Eq. (14) calculation.

Bending stiffness of plates: D ¼ Eh3
12ð1�m2Þ ¼ 0:912�104�106�0:13

12ð1�0:22Þ ¼ 791; 666:67;

Unit area quality of cast-in-place slab (thickness of 100): m ¼ qh ¼ 2500�
0:1 ¼ 250 kg/m2;

Circle frequency of cast-in-place slab:

x1 ¼ 1
a2

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
63
2

1þ 4a2

7b2
þ a4

b4

� �s ffiffiffiffi
D
m

r

¼ 1

ð3:3=2Þ2

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
63
2

1þ 4
7

3:3=2
2:4=2

� �2

þ 3:3=2
2:4=2

� �4
 !vuut ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

7
9
1; 666:67250

r

¼ 275:85Hz

;

Natural vibration frequency of cast-in-place slab: f ¼ x
2p ¼ 275:85

2p ¼ 43:9Hz.

3 Floor Numerical Model Analysis

The finite element model of the prefabricated floor is shown in Fig. 4a. A single
prefabricated plate is selected for the numerical model plate, and the dimensions
are referenced in the literature [8], for 3:3m� 0:5m, plate thickness 0.1 m, choose
plate hole 5, aperture 0.08 m, concrete material E ¼ 0:912� 104 MPa; m ¼ 0:2 ;
q ¼ 2500 kg/m3.Thematerial properties are listed inTable 1. Plate unit chooses beam
unit. The mesh size is 0.2. The long span boundary of plate is processed by simply
supported edges, and the vertical long span boundary is treated by free edges. The
modal analysis was performed to extract the first-order natural frequency by 9.85 Hz.
Compared with the natural frequency of the prefabricated slab calculated by energy
method 10.01 Hz above, the calculated values of the two methods are basically the
same.

Fig. 4 Numerical model of plate: a model of prefabricated plate, b model of cast-in-place
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The finite element model of cast-in-place is shown in Fig. 4b. The size is
3:3m� 2:4m, material parameters are the same as above, the board unit adopted
SHELL181, and four sides consolidated. The modal analysis was performed to
extract the first-order natural frequency of 43.244 Hz. Compared with the natural
frequency of cast-in-place calculated by energy method 43.9 Hz above, the cal-
culated values of the two methods are basically the same.

For further inference, in the test room of the experimental residential building,
the natural vibration frequency of the prefabricated board is about 10 Hz and that of
the cast-in-place is about 43 Hz.

4 Vibration Analysis of Floor Caused by Subway

Vibration in the building is mainly caused by construction near building con-
struction, urban traffic and earthquakes. The vibration frequency of road surface
caused by subway is concentrated between 40 and 90 Hz, in which 60–80 Hz
corresponds to the largest vibration level, while the vibration frequency transmitted
to the building is mainly low within 20 Hz [9, 10]; the vibration frequency of road
surface caused by ground vehicles is concentrated between 10 and 20 Hz [11]; the
vibration frequency of ground caused by the train is 10–100 Hz [12]; the vibration
frequency of ground caused by elevated road is 5–45 Hz [13]; the main frequency
of earthquakes is generally below 5 Hz, the vibration frequency of ground caused
by blasting is generally 15–45 Hz, but duration of its main oscillation is much
shorter than earthquake, generally not more than 0.5 s [14]; the vibration frequency
of static pressure pile construction mainly is 4–7 Hz [15]; the frequency of foun-
dation vibration caused by hammer and vibration piling is mostly 10–30 Hz, and
the impact of foundation vibration caused by construction on the adjacent building
has been rather slight at 2–3 m near the source of vibration [16]. It can be seen that
the main frequency bands of ground vibration caused by different excitations are
different, and some differences are larger.

The Fourier spectrum of typical rooms with prefabricated slabs and cast-in situ
slabs in the No. 2 building under the excitation of subway and ground vehicles is
analyzed by field measurement and numerical simulation by author of this paper in
reference [5–7]. As the limit of length, only the numerical simulation results of C5
and W9 are listed, as shown in Fig. 5. An analysis under the incentive of urban
traffic vibration frequency band of the same room position in each floor shows that:

Table 1 Material properties

Material Initial elastic
mode (MPa)

Poisson’s
ratio

Density
(kg/m3)

Damping
ratio

Strength
(MPa)

Concrete 0.912 � 104 0.2 2500 0.1 9.6

Reinforcement 2.1 � 105 0.3 7850 – 300

Determination of Environmental Vibration Source Based … 131



vibration of the inner floor of the C5 in the kitchen room is mainly in the range of
the 10–20 Hz frequency band; bathroom W9 floor vibration occurs mainly in the
45–55 Hz band range.

In Sect. 2.4 analysis, the theoretical calculation values of the natural frequencies
of prefabricated and cast-in situ panels are 10.01 and 43.9 Hz, respectively.
Analysis shows that the natural frequency of prefabricated panels belongs to urban
traffic caused by prefabricated room floor vibration which occurs within the band
frequency range; and the natural frequency of the cast-in-place board is close to the
cast-in-place floor vibration frequency range, which shows that the resonance of the
prefabricated floor can be caused by urban traffic incentives, vibration of
cast-in-place floor slab cannot cause resonance effect, but it also has a small
vibration effect on its vibration. Therefore, the amplitude of the prefabricated board
which is easy to resonate under the urban traffic excitation is obviously higher than
the amplitude of the cast-in-place plate. Plate properties affect the conclusion
“vertical vibration strength of the room with prefabricated plate should be greater
than that of the current casting room,” and this phenomenon is consistent with the
literature [5–7].

5 Conclusion

1. The self-vibration frequency formula of concrete floor slab under seven
boundary conditions is calculated by energy method, and then, the self-vibration
frequency of concrete floor slab in a typical building is obtained. The
self-vibration frequency in the room with prefabricated slabs is about 10.01 Hz.
The natural vibration frequency in the room with cast-in-place slabs is 43.9 Hz.
Compared with the numerical model with the same parameters, the results are
similar to each other, which verify the correctness of the natural vibration fre-
quency obtained by the energy method.

Fig. 5 Fourier spectrum of the top floor of the concrete slab: a prefabricated panel (C5) top
mid-span Fourier spectrum, b cast-in-place plate (W9) top mid-span Fourier spectrum
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2. The calculated value of the natural vibration frequency of the prefabricated slab
is within the range of the vibration frequency of the slab caused by urban traffic.
It can be judged that the vibration of the slab is caused by the excitation of urban
traffic. Therefore, the vibration control measures of the floor slab are mainly
considered to increase the natural vibration frequency of a floor slab or to avoid
resonance by changing the natural vibration frequency of the whole structure.
The calculated value of natural vibration frequency of cast-in-place slab is close
to the range of floor vibration frequency caused by urban traffic, although it
cannot cause resonance phenomenon but can slightly increase the vibration
intensity of the floor slab.

3. The calculation method of the natural vibration frequency can provide the basis
for calculating the natural vibration frequency of the floor slab for different
buildings and verify whether the vibration of the floor slab in the building is
caused by the urban traffic excitation. For the vibration of the floor slab caused
by urban traffic, it can easily cause resonance when the natural vibration fre-
quency of the floor slab is close to the frequency transmitted to the building by
traffic excitation. So in order to reduce the vibration intensity of the floor slab on
the existing building under the traffic excitation, it is necessary to avoid reso-
nance by increasing the natural vibration frequency of the floor slab or changing
the natural vibration frequency of the whole structure, which provides a theo-
retical basis for the vibration isolation measures of the existing structure.
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Experimental Study on Environmental
Vibration Induced by Streetcar

Tian Zhang, Fei Du and Gang Yang

Abstract The environmental vibration tests by streetcar were carried out on a
certain section along Line 202 in Dalian City, and the ground acceleration time
history curve was obtained. Time-domain and frequency-domain analysis methods
were used for processing the acceleration data, then draw the 1/3 octave spectrum of
the vibration acceleration and obtain the vibration level of the environmental
vibration so as to assess the environmental vibration effect and study the propa-
gation law of the vibration response induced by the tram car. The measured result
shows that the main frequency band of the environmental vibration by the tram car
is 30–70 Hz; the maximum vibration level at different measuring points is 75–
93 dB, and in winter the effective value of vibration acceleration is greater than the
value in summer. This is because the low temperature increases the strength and
stiffness of the subgrade, which leads to an increase in the effective value of the
acceleration in the longitudinal direction. In addition, the vibration response is
reduced with the increase in distance from the vibration source. The maximum
vibration level at 10 m from the central line of the downlink track is about 93 dB
when the speed of the vehicle is 40 km/h, about 77 dB at 30 m, so it can meet the
vibration standard of urban environment.

Keywords Streetcar � In situ test � Environmental vibration response � Spectrum
analysis � Vibration level

With the rapid development of urbanization in China, urban population is growing
rapidly, so the demand for urban public transportation is also increasing. To a large
extent, rail transit can share the urban traveling pressure because of its huge pas-
senger volume. Compared with other public transports, rail transit has many
advantages: it is convenient, efficient, low energy consumption, low pollution and
can promote the development of social and economic development along the line.
At the same time, rail transit will also bring some negative effects. The environ-
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mental vibration and noise generated by train operations will have a significant
impact on the health of citizens, the use of precision instruments in universities,
hospitals and research institutes, and the life of old buildings near the line [1–6]. In
situ test, as one of the most important methods for studying environmental vibra-
tion, has important theoretical and social significance. The measurement results can
reflect the vibration response of the train as a vibration source intuitively and can be
used to verify the correctness of the theoretical analysis model, confirm the
rationality of the numerical simulation model and provide data for evaluating the
environmental vibration caused by the rail transit system [7]. The accumulation of a
large amount of measured data can lay the foundation for the study of the propa-
gation law and mechanism of environmental vibration.

Common rail transit system includes subway, light rail, tram car and so on. As a
public transport system with a large passenger volume, the subway has the char-
acteristics with closed lines and dedicated signals. Lines generally consist of
underground tunnels, closed-surface lines, elevated bridges and underground or
elevated stations. However, the construction cost of subways exceeds RMB
1 billion/km, which has deterred the subway construction in many cities. At the
same time, the maintenance and repair costs of subways have remained high, which
has become a heavy burden on subway operators. Even in cities with large pas-
senger traffic, such as Beijing, the subway is hard to make profit. Of course, as a
public transport means, the ticket price of the subway cannot be too high. The cost
of the new streetcar system is much lower (about 200–300 million/km), and the
economy is good, but the passenger traffic is lower than the subway and higher than
the bus; the one-way capacity is about 15,000 person/h. So the streetcar is very
suitable public transportation means for small- and medium-sized cities. The line is
generally in the form of all terrain or ground + elevated [8].

From the above perspectives, it is very necessary to research the environmental
vibration caused by streetcar. Therefore, the environmental vibration tests were
carried out on a certain section along Line 202 in Dalian and the ground acceler-
ation time history curve was obtained. Time-domain and frequency-domain anal-
ysis methods were used for processing the acceleration data so as to assess the
environmental vibration effect and study the propagation law of the vibration
response induced by the tram car.

1 Test Equipment and Test Site Layout

Line 202 in Dalian streetcar is divided into Uplink (Xiaopingdao Front Station–
Xinggong Street Station) and Downlink (Xinggong Street Station–Xiaopingdao
Front Station), passing through Dalian Maritime University, the Second Hospital of
Dalian Medical University, Dalian Institute of Chemical Physics and so on. The
train lines are close to these venues, and the resulting vibrations are bound to affect
them. Tram forms are shown in Fig. 1. In order to study the vibration characteristics
induced by the streetcar, and to minimize the influence of other forms of
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transportation, a site near Star Sea Square is selected for in situ test place. The site is
wide and close to the side of the tram line, far from the urban major road. From the
test results, the vibration caused by road traffic does not interfere the result.

In the in situ tests, there are some experiment instruments, including the
piezoelectric acceleration sensor with sampling frequency 0.2–2.5 kHz,
four-channel intelligent data acquisition instrument and analysis system with
sampling frequency of 10.24 kHz, and the hand-held speedometer. In order to
research the environmental vibration response and propagation law caused by
trams, four measuring points were set at the distances of 10, 15, 20 and 30 m from
the centerline of the track to lay out vibration acceleration sensors. Data collection
will be performed when the tram is coming, and a hand-held speedometer will be
used to record the speed and save the measured data. The measuring point position
is shown in Fig. 2.

Fig. 1 Line 202 streetcar in
Dalian

5 m
5 m

measuring point 1

measuring point 2

measuring point 3

measuring point 4

uplink

Downlink

10 m
10 m

Fig. 2 Layout plan of
measuring points
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2 Data Analysis and Processing Methods

The ground vibration response is evaluated by the vibration acceleration in this test.
Therefore, this article mainly discusses the Z vibration level [9] and 1/3 octave
frequency vibration acceleration and variation law caused by the tram. In the “Urban
Area Environmental Vibration Standard” (GB 10070-1988), when evaluating the
magnitude of two different frequency vibrations, vibration acceleration levels are
commonly used, which do not take into account the weighting correction of different
frequencies. So-called vibration acceleration level, that is, the average energy of the
vibration is represented by the effective value of the acceleration [10, 11]. The
effective value ae of the acceleration is defined as the square root of the average value
of the square of instantaneous acceleration value a with respect to time T

ae ¼

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

1
T

Z

T

0

a2dt

v

u

u

u

t ð1Þ

The above formula can be applied for the known acceleration function. For the
discrete data in experiment test, Eq. (1) can be transformed into:

ae ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

1
n

X

n

i¼1

a2i

s

ð2Þ

where n is the sample number, and ai is the value of acceleration. The vibration
acceleration level can be defined as follows:

VAL ¼ 20 � lg ae
a0

ð3Þ

where a0 is the reference value of the acceleration vibration level, a0 = 1�10−6 m/s2.
Research indicates that the vertical vibration response is a major factor affecting

the daily lives of residents. According to the provisions of “Urban Area
Environmental Vibration Standard” and ISO 2631, the vibration acceleration level
obtained by modifying the whole body vibration with different frequency weighting
factors is called vibration level. The indicator of environmental vibration caused by
urban rail transit is the vertical Z vibration level. The vibration level is calculated by
1/3 frequency octave method, that is, the index evaluating the environmental
vibration is obtained by correcting the acceleration effective value according to the
following formula:

VL ¼ 10 � lg
X

20

i¼1

10 VALi þ cfð Þ=10
" #

ð4Þ
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In the above formula, VALi is the vibration acceleration level of the center
frequency f; cf is the correction value shown in Table 1.

3 Analysis of Experimental Results

During in situ test, eight tests were performed on the uplink and downlink vehicles
of Line 202 in Dalian, and six groups of data were selected for comparative
analysis. The collected vibration acceleration signals are analyzed in time domain
and frequency domain. In order to compare and analyze the effects of different soil
properties in different seasons on the environmental vibration response caused by
trams, the in situ tests were conducted on the same place in the summer and winter.

3.1 Time-Domain Analysis

The in situ tests were carried out to obtain the ground vibration response; in order to
avoid the impact of other ground traffic, the acceleration response is collected in
every test when the tram goes alone. After several tests in the field, it was found that
the vibration acceleration responses are approximately equal at the same distance
from the vibration source when the uplink vehicle and the downlink vehicle pass at
the same speed. Therefore, only the vibration response by the downlink vehicle is
used as the analysis research.

In order to ensure the authenticity and accuracy of the data, the acquisition time
for every test is more than 15 s, and the acceleration curve can show the vibration
response by passing trains well. For the downlink direction, the measured data for
the measuring point 1, 2, 3 and 4 are shown in Fig. 3 during the summer and winter
at a tram speed of 40 km/h.

From Fig. 3, we can find acceleration peaks of ground vibration at the four
measuring points when the tram passes. The distance from the center of the track
increases, the peak value of the generated vibration acceleration decreases. The
closer the distance from the track center is, the faster the vibration acceleration
decays. Comparing the time histories of vibration accelerations in summer and
winter, it was found that the measured results are similar at the same speed of the
streetcar and measuring points.

Table 1 Correction value of 1/3 octave center frequency

Octave center frequency f (Hz) 1 2 4 8 16 31.5 63 80

Vertical correction cf −6 −3 0 0 −6 −12 −18 −20
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3.2 Frequency-Domain Analysis

In order to study the characteristics of environmental vibration induced by trams in
the frequency domain, the vibration acceleration time histories in field measurement
were analyzed in frequency domain, and the vibration acceleration spectrum was
obtained.

For the downlink vehicle at a speed of 40 km/h, the measured results in the
summer and winter are transformed to frequency domain, as shown in Fig. 4.

It can be seen from the vibration acceleration spectrum of each measuring point
that the main frequency band of the environmental vibration response is between 30
and 70 Hz, and the acceleration peaks at different measuring points all are in the
same frequency range.

The distribution of the vibration acceleration at the same speed in summer and
winter is similar, and the peak value is almost the same. From Figs. 3 and 4 in the
time domain or frequency domain, it can be found that seasonal changes do not
have much influence on the environmental vibration response, but the frequency
distribution has some different at the high-frequency section, such as 55–75 Hz.

3.3 1/3 Octave Analysis

The measured vibration acceleration is analyzed by 1/3 octave spectrum, and the
vibration acceleration level is finally obtained to evaluate the standard of the
environmental vibration. The 1/3 octave spectrum of vibration acceleration for
different measuring points is compared at the different streetcar speed for the results
in summer, as shown in Fig. 5, where the abscissa is the center frequency of octave,
and the ordinate is the division frequency vibration acceleration level VAL (dB).

It can be seen from Fig. 5 that the vibration level of these four measuring points
caused by passing streetcar are in the range of 70 dB to 90 dB when the speed are
35–40 km/h. At the same time, Fig. 5 shows the maximum vibration level at
different driving speed and measuring points, and dispalys the change law of
vibration level. It can be found that the vibration level changes are the same with
the time-domain analysis. For the same measuring point, the higher the streetcar
operating speed is, the higher the vibration level is. For the same speed, the farther
the distance from the measurement point to the centerline of the track is, the smaller
the vibration level is and the change is nonlinear.

3.4 Effective Value of Vibration Acceleration

According to Eq. (4), the effective value of vibration acceleration at different
measuring points for downlink tram at different speeds was analyzed. There are
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three cases for different tram speeds, that is, the speed of the tram 35, 38 and 40 km/
h, and the effective value of vibration acceleration for the results in summer is
shown in Fig. 6.

According to the variation curve of the effective value of acceleration at different
speeds, the faster the train speed is, the greater the ground vibration is. And the
farther the distance from the center of the track is, the smaller the vibration is, but
the vibration attenuates and changes nonlinearly, and the attenuation gradually
becomes slower.

The measured data are processed at the speed of 40 km/h in summer and winter,
and the changing curve of the vibration acceleration is shown in Fig. 7. The
effective value of the ground vibration acceleration in winter is greater than that in
summer near the track, but the result is opposite at greater distance.
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4 Evaluation of Environmental Vibration Caused
by Tram

The “Urban Area Environmental Vibration Standard” (GB 10070-1988) formu-
lated by China is an environmental vibration evaluation standard, which relates to
the peak of vibration level. It evaluates the vibration level of the surrounding
ground and building vibration in different areas. The vibration level in different
regions should not exceed the values listed in Table 2 [12].

The division frequency Z vibration level is calculated, and the vertical total
vibration level of each measuring point under different driving speeds is obtained.
Then the environmental vibration which is induced by Line 202 Tram in Dalian is
evaluated according to the criteria in Table 2. As shown in Fig. 8, it is the total
vibration level curve summarized by the division frequency vibration level.

In Table 2, the ground vibration level outside the 30 m on both sides of the
railway line shall not be more than 80 dB. According to the arrangement of on-site
measurement points, the distance is 30 m from the measuring point 4 to the center
line of the track. From Fig. 8, when the tram passes, at measuring point 4 the
maximum value of total vibration level is 76.72 dB and the minimum value is
75.65 dB, not more than 80 dB. This shows that the vibration level is regulated in
accordance with the urban environmental vibration standard.

Table 2 Standard of
vibration in urban area
environment

Area of application Day Night

Special residential area 65 65

Residential, cultural, educational area 70 67

Mixed area, commercial district 75 72

Industrial district 75 72

Both sides of main road lines 75 72

Both sides of main railway lines 80 80
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The measured data are processed at the speed of 40 km/h in summer and winter,
and the changing curve of the total vibration level is shown in Fig. 9. Similar to the
effective value of vibration acceleration, in the winter the total vibration level of the
ground vibration near the track is greater than the value in the summer, but
the result is opposite at greater distance. This phenomenon is due to the effect of the
ambient temperature change, and the temperature is too low to increase stiffness of
the subgrade, which leads to an increase in the effective value of the vertical
acceleration.

5 Conclusions

Taking Line 202 in Dalian as the research object, the environmental vibration
response caused by trams was studied by means of the in site measurement of the
ground vibration acceleration, and the measured results were analyzed in the
time-frequency domain. The following conclusions were obtained:

(1) The main frequency band of the environmental vibration by the tram car is 30–
70 Hz; the total vibration level is about 75–93 dB.

(2) The vibration acceleration response caused by a tram increases with the tram
speed and decreases with the distance from the track centerline, but the
vibration attenuates and changes nonlinearly, and the attenuation rate gradually
decreases. The change law of the vibration level is similar to the vibration
acceleration.

(3) The environmental vibration caused by trams is affected by seasonal changes.
In the winter, the temperature is too low and the roadbed stiffness is increased.
As a result, the effective acceleration value and total vibration level is different
between summer and winter.

(4) The total vibration level of environmental vibration caused by trams is less than
80 dB away from 30 m which is the distance from the measuring point 4 to the
track centerline, meeting the vibration standard of urban environment.
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Study on the Train-Induced Vibration
Transmission Within the Over-Track
Building

Lihui Xu , Xiaojing Sun and Rongning Cao

Abstract The integrated complexes, known as the over-track building and metro
depot complexes, have been widely developed in recent years in China. The con-
struction of the over-track buildings has great merits of reductions in occupying
urban land, conveniences in commuting to work, and comprehensive exploitation
of the upper spaces. Such complexes have some negative effects that the train
operation into and out of the depots can induce structural vibrations causing dis-
comfort on occupants inside the buildings. To characterize the vibration trans-
missions between the floors, the three-dimensional dynamic finite element model of
soil-platform-building has been established. The coupled train–track model was
studied and applied as well in this paper. Diverse analyses of vibration responses
have been conducted including vibration acceleration levels and vibration accel-
eration spectra in frequency domain and in 1/3 octave frequency. It found that
vibration transmission law across floors in the horizontal orientation inside the
over-track building absolutely differs from that in the vertical orientation.
Train-induced vibrations inside the over-track building are mainly distributed in
high frequency within 30–80 Hz, which have potential to make impacts on the
occupants. Dynamic responses have revealed the key insights into the vibration
transmissions in different orientations inside the over-track buildings.
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1 Introduction

Urban rail transit has great advantages in reducing the highway traffic in
metropolitan city. For urban rail transit, subways have been widely developed due
to its characteristics of efficient operation and less occupation of the ground areas.
By the end of December 2017, in-service subway lines have spread over 34 cities
with a total of 3884 km in mainland China [1]. The train depots are the subway or
railway facilities for the regular maintenance, examination, and storage for the
trains and usually occupy the large ground areas [2]. Traditional metro depots with
low density of buildings hold larger ground spaces which make significant influ-
ences on the space and the environment, and it’s not conducive to efficient uti-
lization of the urban land and space due to the low density of the buildings [3].
Comprehensive utilization of the spaces above the depots can not only improve the
utilization efficiency of the urban land, but also have great economic advantages.
So, many cities in mainland China like Beijing and Wuhan have begun developing
the over-track building complexes, which are built with a new structural system
with large platforms, for residents and workers above the metro depot. The plat-
forms above the metro depot are used for entertaining and parking, supported by the
columns which are set in between train tracks.

However, the subway operation into and out of depots can generate excessive
vibrations due to interaction between rails and wheels, which propagate from the
tracks directly into the over-track buildings through ballast, columns, and platforms,
radiating noises within the buildings that adversely affect the living qualities and
even the health of the building occupants. It is essential to predict the train-induced
vibration level prior to construction within the over-track buildings and take
appropriate measures to mitigate the vibration for human comfort.

Massive researches have been conducted to characterize the vibration at the
sources, in the propagation paths, and in the receivers inside the buildings induced by
subway trains and operation lines. The vibration characteristics at the sources and in
the propagation paths induced by railways have been summarized in detail [4–8].
Anderson [9] conducted measurements to collect the vibration data from two build-
ings caused by the railway operation and got that the perceptible vibrations, which are
mainly between 5 and 50 Hz, can transmit into the building through the ground. Xia
et al. [10] took in situ experiment to examine the vibration levels induced by running
trains near Shenyang–Harbin railway line within two buildings and found the
acceleration levels in the buildings exceeded the allowance by the Chinese Code.
Sanayei et al. [11, 12] performedmeasurements of train-induced and subway-induced
vibrations in different areas in Boston. It provided the basis that the vibration levels in
sensitive locations inside the buildings induced by train operations should be esti-
mated precisely. Numerous prediction modeling methods have been developed to
predict the subway-induced vibration from the underground lines [13–16].

The vibration transmission in metro depots entirely differs from that around the
operation line and subways, for the trains work on the ground right under the platform
and the over-track buildings which is not the case with the operation lines and
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subways. Some studies have been conducted on the transmission characteristics and
levels of the vibration on the grounds, platforms, and over-track buildings in themetro
depots. Field measurements were conducted to study the law of the vibration atten-
uation in the ground, platforms, and the over-track buildings subject to the vibration
input in throat area [17], in testing line area [18], and in both throat and testing line
areas [2, 3]. The measured maximum vertical vibration levels were lower than the
limitation by Chinese standard [19] according to these researches. Numerical models
were established to analyze the vibration response of the over-track buildings [20–22].
Vibration data of the sources were measured in the time domain on site and applied
into the established numerical model. The results from the numerical model were well
consistent with the measured vibration in the over-track buildings in both time and
frequency domain, and themodels were used to predict the vibration levels prior to the
construction of the over-track buildings. He et al. [23] studied the impact of the train
speed on the vibration within the over-track buildings and concluded that limiting the
train speed into and out of the metro depot is an efficient way to attenuate the vibration
within the over-track buildings.

This passage is to study the characteristics of the vibration transmission inside
the over-track building above the main body in a typical metro depot under the
influence of subway operation. A three-dimensional dynamic finite element model
of soil-platform-building was built according to a metro depot to characterize the
vibration transmission, and the train-induced vibrations were compared with the
limitation by Chinese standard. It is efficient and reliable to apply this model to
predict the vibration levels in the over-track building before constructing.

2 Description of Metro Depot and Over-Track Building

The metro depot related to this study is situated in Beijing, China. Its total occupying
land use is approximately 314,200 m2, including 266,000 m2 for the functions of
metro depot and 48,200 m2 for the exploitation, which makes the metro depot the
biggest one in China. Two avenues are situated at the north and west of the metro
depot, respectively, as shown in Fig. 1. The soil layers consist of artificial accumu-
lation layer, recent sedimentary layer, new Quaternary alluvium, and late Quaternary
Pleistoceneflood alluviumbelow the ground in this area. There is amain body, a throat
area, and so on in themetro depot, and the tracks in themain body are straight. The area
above the metro depot preserved for the construction of the over-track buildings with
12 floors is about 150,000 m2, which will serve for the occupants and workers.

All the buildings are constructed using reinforced concrete columns with large
open spans from the ground to the platform, whose height is 16.3 m to guarantee
enough space for the trains. The columns supporting the platform have the sectional
dimensions of 1.2 m by 1.2 m and are located on a grid of 6.0 m � 6.0 m, which is
the same case with the columns supporting the over-track buildings according to the
plan. The support structures for over-track building from the first floor to the top
consist of frame structures with 12 floors with the height of 5.6 m in the first floor
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and the height of 4 m in standard floors, and load-bearing walls with the thick of
0.2 m, as shown in Fig. 2. The beams inside over-track building have the sectional
size of 0.4 m � 0.6 m.

Fig. 1 Areas distribution in Beijing metro depot

Fig. 2 A sketch map of the
metro depot in vertical
direction
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This study focused on vibration transmissions within an over-track building with
12 floors above the main body of the depot induced by the train operation into and
out of the metro depot.

3 Establishment of the Finite Element Model

3.1 The Finite Element Model

As described above, the studiedmetro depot captures a large land use area. The vibration
induced by the subway operation attenuates quicklywith thepropagation of thevibration
wave, which makes it unnecessary to take all areas of metro depot into account in the
study. A part of metro depot is applied in this model that must take a reasonable size for
the reasons that amodelwhich is too large can increase the computational cost andwhich
is too small can affect the accuracy and reliability of the results [24]. The lengths of this
model which are parallel to the track lines are 96 m and the widths which are perpen-
dicular to the track lines are 51 m to make sure it is accurate and reliable to predict the
vibrations. The height of the platform is 16.3 m to provide enough space for the trains.

The structure modeling and dynamic analysis are accomplished in the finite
element software, ANSYS, which is widely used for modeling and analysis in
statics and dynamics. The finite element model is shown in Fig. 3, and Fig. 2 shows
the positions of train-induced forces which is a function of time acting at the point
where fasteners and sleepers contact with each other. The points where the vertical
and horizontal vibration data is gathered inside the over-track buildings, including
the points on the floors around the column and the points in the middle of floors, are
also illustrated in Fig. 2. In this model, all the beams and columns with different
sectional size are simulated by the beam elements, BEAM4, which do not allow for
shear deformations of the units. All the floors and walls are modeled using the
surface elements, PLANE42, and soil and ballasts are regarded as the physical

Fig. 3 Finite element model
of metro depot
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elements, SOLID45. The elements should be divided into small elements with the
right sizes, which should be small enough to accurately determine the full wave-
form when vibration waves are propagating in the units and big enough to reduce
the calculation time [24]. For the purpose of impeding wave reflection in the cut-off
boundaries which are employed to take constraints to models from the infinite
stratum into consideration, the viscoelastic boundaries are applied with the
advantages of good behaviors in numerical stability and accuracy and its conve-
nience of application in the finite element models [25].

Impacts of ballast, formation, building foundations, frame structures, and wall
panels on the wave propagation in the depot are taken into account, and the effects of
decorative components such as wall materials are ignored in this three-dimensional
finite element dynamic model.

3.2 Damping

Damping is a so complicated mechanism of energy dissipation that many damping
models have been put forward to make it easy to consider it in the researches and
the Rayleigh damping model with a linear combination of stiffness and mass matrix
is widely used. In order to determine the damping coefficients, the modal analysis is
required to obtain the natural frequency of the building, and the first five levels of
modal frequencies obtained from the modal analysis of the soil-platform-structure
model are 1.00, 1.36, 2.40, 3.47, and 5.48 Hz, respectively. The mass damping
coefficient and stiffness damping coefficient are acquired by taking the first two
natural frequencies and damping ratios into Eq. (1).

a ¼ 4p fifj ejfi � eifj
� �

f 2i � f 2j

b ¼ eifi � ejfj
� �

p f 2i � f 2j
� �

8
>>>>><

>>>>>:

ð1Þ

where a and b are mass and stiffness damping coefficient, fi, fj, ei; ej are the ith and
jth natural frequencies and damping ratios, which are 1.0 Hz, 1.36 Hz, 0.03, and
0.03 when i equals to 1 and j equals to 2, respectively. The value of a and b on the
basis of Eq. (1) are 0.217 and 4.04 � 10−3.

4 Vibration Sources

Simulation of train-induced excitation at the sources is one of the key processes in
this study on the train-induced vibration transmission within the over-track build-
ing, because whether the input excitation is well consistent with the measured
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excitation directly make impacts on correctness of the results. The method to cal-
culate the excitation in frequency domain with coupled train–track dynamic model
presented by Ma [26, 27], which has been confirmed by a number of field mea-
surements, is studied and applied in this work.

4.1 The Coupled Train–Track Model

In the coupled train–track system, the trains which can move forward at the speed
of v on the rails consist of several individual vehicles, and each vehicle is made up
of three parts including a body, two bogies, and four wheelsets that each part
connects to the others with parallel springs and dampers, as shown in Figs. 4 and 5.
There are 10 degrees of freedom for a single vehicle, including ups and downs of
the body, two bogies, and four wheelsets, as well as rotations about the axial
direction of the body and two bogies. The suspended mass and the interactions
between wheels and rails are also taken into account in this model. The interactions
across the interfaces between rails and sleepers are nonlinear that are represented by
a series of springs and dampers, which is the same case with sleepers and ballasts,
as well as ballasts and foundations.

In vehicle model, there are 10 degrees of freedom for a certain vehicle, and the
equation of motion in different degree of freedom should be formed to obtain the
dynamic response. The equation of motion is shown as Eq. (2), on the basis of
D’Alembert principle.

Fig. 4 Coupled train–track model
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Fig. 5 Basic cell in global coordinate system

Study on the Train-Induced Vibration Transmission … 155



Mm
€AmðtÞþCm

_AmðtÞþKmAmðtÞ ¼ QmðtÞ ð2Þ

where €AmðtÞ; _AmðtÞ;AmðtÞ are the acceleration, velocity, and displacement vector of
the certain vehicle, Qm(t) are the excitation vector and Mm, Cm, and Km are the
mass, damping, and stiffness matrix.

Rails in this model are simplified as the Euler–Bernoulli beams ignoring the
shear deformations across the transverse sections, which are infinite in the space
and periodically supported by the vertical springs and dampers. The dynamic
displacement of the infinite beam can be written as Eq. (3).

E�
r Ir

@4ur
@x4

þm
@2ur
@t2

¼ eixltdðx� xF0 � vtÞ �
Xn¼þ1

n¼�1
fnðtÞdðx� xnÞ ð3Þ

where ur represents the vertical displacement, E�
r ¼ Erð1þ igrÞ are the elastic

modulus which allows for the real elastic modulus Er and the damping loss factor
gr. Ir and m are the sectional moment of inertia and mass per unit length, respec-
tively. xF0 is the location of the load at the initial time, and xn ¼ nL is the location of
the nth fastener where L represents the spacing between the adjacent fasteners.
fn(t) is the support force from the nth fastener.

Solution of dynamic responses of the infinite beams can be carried out in a basic
cell with the length of L, and the operations are conducted in global coordinate
system in frequency domain, as shown in Fig. 5 and expressed as Eq. (4).

E�
r Ir

@4ur
@x4

þm
@2ur
@t2

¼ eixltdðx� xF0 � vtÞ ð4Þ

Fourier transformation is used to transform Eq. (4) from the time domain to the
frequency domain, expressed as Eq. (5)

E�
r Ir

d4ûr
dx4

� x2mûr ¼ 1
v
ei

xl�x
v x�xF0ð Þ ð5Þ

where the ûr is the vertical displacement of the basic cell in frequency domain.
The displacements of a fixed point in the basic cell due to the unit harmonic

moving load acting at the beams can be calculated using the method proposed by
Ma [26, 27], and displacements of the points in other ranges are derived from
solutions of the basic cell, which must comply with the periodic-infinite structure
theory, expressed as Eq. (6).

ûrðx_;x;xlÞ ¼ eiðxl�xÞnLL=v � ûrðx;x;xlÞ ð6Þ
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where x_ and x obey the relation of x_ ¼ xþ nLL, L represents the length of basic
cells, nL refers to the number of the basic cells between the point at x_ and x, and
ûrðx;x;xlÞ is the displacement of the basic cell in frequency domain.

Continuous discrete displacements of points in whole beams induced by the unit
harmonic moving load FðtÞ ¼ eixl t at the speed of v are obtained through making
the angular frequency x continuous discrete values at the focused range in fre-
quency domain. Then, applying the inverse discrete Fourier transformation, the
displacements in frequency domain can be transformed to the displacements in time
domain.

Train’s passage would generate dozens of moving loads with certain magnitude,
and all of them make contribution to the total displacements of the targeted point
that are the linear superposition of influence under the individual one. The actual
forces interacting across interfaces between rails and foundation are products of the
actual displacements and composite stiffness allowing for the stiffness between the
rails and sleepers, sleepers and ballasts, as well as the ballasts and foundation.

4.2 Excitation Due to Moving Trains

This work is based on operation of the Type-B train at the speed of 25 km/h which
is integrated by six single vehicles. The vehicle parameters and track parameters are
listed in Tables 1 and 2. The simulated excitation is illustrated as Fig. 6. The
maximum of interacting forces between the rails and foundation induced by train
operations are approximately 6 � 104 N, and the forces are mainly in low fre-
quency within 10 Hz. The force magnitude in high frequency is low.

Table 1 Vehicle parameters

Parameter’s name Values

Body parameters Vertical stiffness 480 kN/m

Vertical damping 60 kN s/m

Mass of an individual vehicle 43 t

Bogies parameters Vertical stiffness 1650 kN/m

Vertical damping 15 kN s/m

Mass of a single bogies 3.418 t

Wheelsets parameters Mass of an single wheel 1.61 t

Radius of the wheels 0.84 m

Spacing between wheels in one bogie 2.2 m
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5 Train-Induced Vibrations Inside the Over-Track
Building

In order to characterize the vibration transmissions inside the over-track building
subjected to the train operation, points for gathering vertical and horizontal
vibration data are appointed to be located at each floor around the column and in the
middle of each floor, as illustrated in Fig. 2. The analyses of vibration responses are
conducted in three aspects including vibration acceleration levels, vibration accel-
eration spectra in frequency domain, and in 1/3 octave frequency. According to ISO
2631-1 [28], the main frequencies of vibration impacts on humans are within
1–80 Hz. As a result, frequencies in this study range from 1 to 100 Hz.

Table 2 Track parameters

Parameter’s name Values

Steel rail parameter Mass per unit length m ¼ 121:28 kg/m

Elastic modulus Er ¼ 2:059� 1011 N/m2

Moment of the inertia across the section Ir ¼ 6:434� 10�5 m4

Damping loss factor gr ¼ 0:01

Fastener parameter Stiffness kr ¼ 1:2� 108 N/m

Damping cr ¼ 6� 104 N s/m

Spacing between adjacent fasteners L ¼ 0:6m

Ballast parameter Density qb ¼ 1:8� 103 kg/m3

Elastic modulus Eb ¼ 1:1� 108 N/m2

Damping cb ¼ 5:88� 104 N s/m
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Fig. 6 Train-induced interacting force between rails and foundation
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5.1 Vibration Acceleration Level

The vibration acceleration levels are used for evaluating impacts of vibrations
inside buildings, which are induced by the vibration sources within the buildings,
such as elevators, motors, and so on, formulated by GB/T 50355-2005 [29]. The
method of calculating the vibration acceleration level has been made by it,
expressed as Eq. (7).

La ¼ 20 lg
arms

a0
ð7Þ

where a0 is the reference acceleration with the value of 1 � 10−6 m/s2, arms is the
root mean square of acceleration value (m/s2), and La represents the vibration
acceleration level (dB).

Figure 7 shows vertical vibration acceleration levels around the column and in
the middle of the floor inside the building. The vertical vibration acceleration levels
are attenuated between the first to the ninth floor around the column and the first to
tenth floor in the middle of floors and amplified greatly at the top floor, with the
minimum of approximately 46.2 and 52.6 dB, respectively. What is more, the
vertical vibration acceleration level around the column is less than that in the middle
of the floor by 1.8–6.9 dB in the same floor. Vertical constraint from the column
makes the floor vibration weaker around the column, and vibration waves from
various propagation paths strengthen each other in amplitude in the middle of
floors, which may contribute to that phenomenon.

The horizontal vibration acceleration levels around the column and in the middle
of the floor inside the building are shown in Fig. 8. The horizontal vibration
acceleration levels around the column and in the middle of the floor in the same
height are comparably close, with little differences in magnitude. The horizontal
vibration levels show the tendency of slight amplification on the whole, with no
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attenuation, with the increase in height, which can be explained by the cause that
the floors are more weakly restrained in the horizontal direction in higher floors.

Comparing Figs. 7 and 8, it is evident that the vibration acceleration levels in
vertical orientation are greater than those in horizontal orientation by 7.8–14.6 dB
in the same floor. This is because the moving loads induced by the train operation in
the straight track are mainly vertical and stiffness in vertical direction are smaller
than that in horizontal direction in the middle of the floor that vibrations are
amplified with the stiffness degradation.

5.2 Spectrum in Frequency Domain

Figures 9, 10, and 11 typically show a portion of vibration acceleration spectra in
frequency domain both around the column and in the middle of the floors. In both
vertical and horizontal directions, the train-induced vibrations inside the building
are mainly distributed in high frequency within 30–80 Hz, which could make
impacts on the occupants, and the dominant frequency decreases with the rise in
height. As shown in Figs. 9 and 10, the dominant frequencies of vertical vibrations
in the middle of the floors are basically consistent with these on the same floor
around the column, which range from 50 to 70 Hz. Moreover, the dominant fre-
quencies of the floor vibrations in horizontal direction, varying between 30 and
55 Hz, are lower in comparison with these in vertical direction by about 15 Hz, as
shown in Fig. 11. Also, the maximums of the horizontal vibration amplitudes are
obviously below these in vertical direction.

There exist the regularities that the vibrations inside the over-track building are
enhanced at certain frequencies, which are near 23, 35, 75 Hz. That is because the
train-induced vibrations within the building have triggered the certain bending
mode of the floor slabs, whose frequencies are exactly corresponding to these where
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the vibrations are largely amplified. Additionally, it is quite clear from the graphic
area enclosed by the curves of the vibration acceleration spectra and the transverse
axis that the horizontal vibration energy, which is mostly distributed at some
specific frequencies, is more concentrated than the vertical vibrations in frequency
domain.

5.3 1/3 Octave Spectrum

The vertical vibration acceleration spectra in 1/3 octave frequency on the floors
around the column and in the middle of the floors are shown in Figs. 12 and 13. It
can be obviously found that when the central frequency is below 10 Hz, the vertical
acceleration levels of each floor are approximately equivalent, with the differences
below 5 dB. The vertical vibrations attenuate slowly in the low frequency during
the transmission between floors. When beyond 16 Hz, the acceleration levels
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Fig. 9 Train-induced vertical vibrations in the middle of the floors
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change quickly with the rise in height. It also can be noticed that the vertical
acceleration level reaches a peak value at 16 Hz and the maximum at 63 Hz. Then
above 63 Hz, the acceleration levels fall off rapidly. Comparing to allowance by the
standard of limit and measurement method of vibration in the room of residential
buildings [29], the vertical acceleration levels inside the over-track building are far
below the limitation.

Figure 14 shows the 1/3 octave spectra of the horizontal vibration acceleration
levels in the middle of the floors. The horizontal vibration levels increase mono-
tonously and greatly with the rise in height, in which the vibration level in the first
floor is lower than that in the top floor by about 20 dB, when the central frequency
is smaller than 6.3 Hz. Inversely, when above that, the vibration levels change
slowly and the differences are not that great between different floors. Meanwhile,
the horizontal vibration levels are of little changes in the low frequency, and these
are in sharp variations when the central frequency goes beyond 6.3 Hz. And the
acceleration levels in horizontal direction reach the maximum at the 31.5 Hz.
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Fig. 10 Train-induced vertical vibrations around the column
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Fig. 11 Train-induced horizontal vibrations in the middle of the floors
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It can be inferred from the analyses above that the vibration transmission law
across the floors in the horizontal orientation inside the over-track building abso-
lutely differs from that in the vertical orientation. What is more, there are some
diversities between the distribution of the horizontal vibration 1/3 octave spectra in
the first floor of the building and that in standard floor in high frequency, whose
heights are 5.6 and 4 m, respectively. This is because the horizontal constraints to
the first floor are imposed by the platform, which could make it vibrate in a different
way.
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Fig. 13 1/3 octave spectra of
the vertical vibrations around
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6 Conclusion

Three-dimensional dynamic finite element model of soil-platform-building was
established to characterize the vibration transmissions inside the over-track building
induced by the train operations into and out of the metro depot. The coupled train–
track model was studied and applied as well. These findings have revealed the key
insights into the vibration transmissions inside the over-track buildings, including:

1. Vibration waves from various propagation paths strengthen each other in
amplitude in the middle of floors, which results in amplifying the vertical
vibrations by more than 1.8 dB in comparison with the vertical vibration levels
around the columns inside the building. The horizontal vibration levels are
comparable in the same floor.

2. The weaker constraints to the higher floors in horizontal direction make main
contributions to the vibration enhancement that makes horizontal vibration
levels with the tendency of amplification on the whole with the rise in height.
The vertical vibrations are attenuated by the floors and amplified at the top floor.

3. Train-induced vibrations inside the over-track building are mainly distributed in
high frequency within 30–80 Hz, which have potential to make impacts on the
occupants, and the dominant frequency decreases with the rise in height in both
vertical and horizontal direction.

4. In the 1/3 octave frequency, the vertical vibration acceleration levels in high
frequencies change more obviously with the increasing floor, and the horizontal
vibration acceleration levels in low frequencies change more obviously with the
increasing floor.
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Limit Analysis of Slope Stability During
Pile Driving Considering Energy
Dissipation Due to Deformation
of Inner Friction

Ying Liu, Zhihao Mo, Qing Sheng Chen and Henglin Xiao

Abstract In most existing limit analysis studies of slope stability, it was often
assumed that the logarithmic spiral landslide body is a rigid body, and the energy
dissipation in the process of landslide occurs only on the sliding surface. Although
the calculation of energy dissipation could be significantly simplified by employing
this assumption, the energy dissipation due to internal friction could not be taken
into account in the slope stability analysis, thereby often leading to inaccuracy in
the evaluation of slope safety factor. In this paper, a multi-block partitioning
method is adopted to quantify the internal dissipation during the pile driving pro-
cess. By employing the limit analysis method, the safety factor incorporating the
effects of energy dissipation due to internal friction for evaluating the slope stability
subjected to pile driving is calculated. Comparison studies of the results with and
without consideration of internal-friction-induced energy dissipation are presented
and discussed. The results show that the slope safety factor with consideration of
the energy dissipation due to inner friction-induced deformation is greater than its
counterpart neglecting such effects. The energy dissipation significantly contributes
to improving the anti-slide capacity of slope, which should be taken into account in
the slope stability analysis in practice.
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Keywords Slope stability � Pile driving � Multi-block partitioning method �
Energy dissipation � Upper bound limit analysis

1 Introduction

Slope stability analysis is one of the classic problems of soil mechanics and also an
important subject in geotechnical field. Slope instability disasters caused by natural
landslides [1], debris flow [2] and human activities [3] often lead to huge losses of
life, property and economy.

Over the past decades, various studies have been carried out to investigate the
effect of pile driving on slope stability. Yuan [4] employed the theory of column
hole expansion to investigate the soil stress and excess pore water pressure under
piling and proposed the expressions for calculating the safety factor with the theory
of arc sliding theory. Xu [5, 6] used simplified Bishop method to establish the limit
state equation and studied the slope stability by regarding the excess pore water
pressure as the main influencing factor. On the basis of the upper bound limit
analysis, Sun [7] studied a series of problems such as the slope stability in
two-dimensional and three-dimensional cases.

Among existing methods, limit analysis method (LAM) [8–10] is one of the
most commonly used approaches for assessing the stability of slopes due to its
simplicity and efficiency. In LAM, the sliding surface with highest potential to
failure is investigated by converting the effect of pile driving force into the form of
external force work and the anti-slide effect of the pile into the form of internal
energy dissipation, respectively. In the majority of existing LAM studies for slope
stability, it was assumed that the logarithmic spiral landslide body is a rigid body,
and the energy dissipation in the process of landslide occurs only on the sliding
surface. Although the calculation of energy dissipation is simplified by employing
this assumption, the energy dissipation due to internal friction could not be taken
into account, thereby leading to inaccuracy in the evaluation of slope safety factor.

To address the above issues, a multi-block partitioning method is adopted to
quantify the internal dissipation during the pile driving process. The safety factor of
slope during pile driving with consideration of the effects of internal friction on
energy dissipation is calculated. Thereafter, comparison studies of the results with
and without consideration of internal-friction-induced energy dissipation are pre-
sented and discussed.
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2 Energy Dissipation Due to Deformation of Inner
Friction

It is assumed that the upper bound limit analysis here satisfies the associated flow
rule, where the straight sliding surface and the rational logarithmic spiral sliding
surface are employed in the slope stability analysis. For the case of a straight sliding
surface, the landslide velocity is assumed to be uniform, and the internal surface
does not produce relative friction. For the case of a logarithmic spiral sliding
surface, as the diameter of the logarithmic spiral line increases and the curvature
decreases, the rotation would not be a standard circular motion. To accommodate
the decreasing curvature, the landslide body would be deformed, which would
result in extra energy dissipation. From this point of view, it is not accurate to treat
the logarithmic spiral landslide body as a rigid.

2.1 A Quantitative Method for Energy Consumption
of Friction Deformation

In order to quantify the energy dissipation rate in the adaptive process, a multi-block
partitioning method [11] is adopted. The whole logarithmic spiral landslide body can
be decomposed into multiple blocks. When the number of partitions is large enough
(10 is used in current study), the friction deformation energy consumption of each
block would be negligible. As a result, the respective blocks can be treated as rigid
bodies, and the friction energy consumption occurs only on the contact surfaces of
the respective rigid blocks, as shown in Fig. 1. In addition, since the polar angle of
each block is small when the number of partitions is large enough (10 is used in

Fig. 1 Principle of multi-block partitioning method
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current study), the arc is very close to the corresponding secant line. As shown in
Fig. 1, the above-described multi-block partitioning method is equivalent to con-
verting the logarithmic spiral sliding surface into a multi-segment polyline sliding
surface and generating a block contact surface at the inflection point.

2.2 The Realization of Multi-block Partitioning Method

For the relative velocity viþ 1
i on each contact surface as shown in Fig. 1, a closed

vector triangle should be constituted in order to meet the velocity compatible
condition. To facilitate the calculation of the vector angle, the azimuth of the vector
is defined as the angle counterclockwise from the x-axis positive direction to the
vector’s direction as shown in Fig. 2. According to the geometric relationship, the
relationship between the azimuth of the velocity vector gi and its corresponding
polar angle hi is:

gi ¼ p� hi þ p=2 ¼ 3p=2� hi ð1Þ

Each block velocity vi is obtained by evenly distributing the landslide polar
angle range hB to hA. Then, the velocities of adjacent two blocks combined with the
closed vector relationship would give all information of vector viþ 1

i .
In the present work, the polar diameter of each velocity point ri is obtained by

bisecting the polar angle range hi to hiþ 1 and then multiplied by the angular
velocity x to get the block velocity vi. According to the geometric relationship in
Fig. 2, the following expressions are obtained:

viþ 1
i ¼

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
v2i þ v2iþ 1 � 2viviþ 1 cosðgi � giþ 1Þ

q
ð2Þ

195∞

219∞

144∞

vi+1

vii+1
ηii+1 vi

ηi
ηi+1

X-axis positive
   direction

X-axis positive
   direction

Fig. 2 Vector relationship of
compatible velocity field
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vi
sinðgiþ 1 � giþ 1

i Þ ¼
viþ 1
i

sinðgi � giþ 1Þ
ð3Þ

For the sake of convenience, this paper assumes that the straight line of the block
contact surface also passes through the pole of the logarithmic helix. Since the
position of the block contact surface is determined, the length di of each block
contact surface can be obtained according to the geometric relationship. If the polar
angle of the landslide is divided into n parts, n block contact surfaces would be
formed between the adjacent velocity vi. Thus, the energy dissipation due to inner
friction is the sum of energy consumption among the contact surfaces:

P
0
c ¼ c cosu

Xn

i¼1

viþ 1
i di ð4Þ

In the present work, the calculated safety factor tends to converge when the
number of block contact surfaces is greater than 9. In following calculation, the
number of block contact surfaces is 10.

3 Stability Analysis of Slopes During Pile Driving
Considering Energy Dissipation Due to Deformation
of Inner Friction

3.1 Rotational Failure Mechanism

As illustrated in Fig. 3, the sliding surface is a logarithmic spiral sliding surface that
could be described as r hð Þ ¼ r0 exp h� hBð Þ tanu½ �. H and a represent the slope
height and the slope angle, respectively. S represents the distance between the pile

L
S r0

r

θBθθA

o
ω

H

α

Zθ

Fig. 3 Geometry of the pile driving force working
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position and the slope shoulder. Zh represents the depth of the pile in the soil. x
represents angular velocity.

3.2 The Safety Factor

In this paper, the safety factor fs is used to quantify the slope stability. fs is defined
as the ratio of the actual soil strength parameter to the minimum soil strength
parameter required to maintain slope stability. The expression is:

fs ¼ c
cm

¼ tanu
tanum

ð5Þ

where cm and um are the reduced parameters, respectively.

3.3 Internal Power and External Power

According to the principle of upper bound limit analysis method, the external work
rate is equal to the energy dissipation rate of the slope when the slope is in the limit
state.

Pw þPT ¼ Pc þP
0
c ð6Þ

For the slope subjected to pile driving, the external work rate includes landslide
weight rate Pw and the pile driving force rate PT , while the energy dissipation rate
includes the sliding surface dissipation rate Pc and the internal friction deformation
energy consumption P

0
c. The expressions for Pw and Pc presented by Chen [8] were

adopted herewith. The calculation method of internal friction energy dissipation is
described in Sect. 2.

The pile resistance R is calculated as follows [12]:

R ¼ Rs þRp ¼ ð0:5þ z
100

ÞPsdþ 2ð0:025pS þ 25Þ z
St

ð7Þ

where Rs is pile tip resistance, Rp ¼ 0:5þ z
100

� �
Psd. Rp is pile side resistance

Rs ¼ 2ð0:025pS þ 25Þ z
St
. St and Ps represents the sensitivity of soil and penetration

resistance, respectively.
The impact coefficient of pile area used as the reduction parameter is expressed

as follows:
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g ¼ pd
4t

ð8Þ

The equivalent pile tip resistance and equivalent pile side resistance, respec-
tively, are expressed as:

R
0
p ¼ gRp ð9Þ

R
0
s ¼ gRs ð10Þ

Before the pile passes through the sliding surface, the expression of the pile
driving force power PT is:

PT ¼ XgRðzÞr cos h ð12Þ

After the pile passes through the sliding surface, only the pile side resistance
within the failure surface depth works. The pile driving force power is then
expressed as:

P0
T ¼ XR0

sðzhÞr cos h ð13Þ

4 Stability Variation During Pile Driving

To investigate the performance of the proposed approach, case study with the
model illustrated in Fig. 3 is carried out, where the parameters for the pile and soil
properties are presented in Table 1.

Following the procedure as described in Sects. 2 and 3, the safety factor for the
slope subjected to pile driving is calculated. The change of fs with pile driving
process is shown in Fig. 4.

In Fig. 4, curve A is the safety factor curve considering inner energy con-
sumption and its mean curve C has a value of 1.54, while curve B is the safety
factor curve without accounting for the effect of inner energy consumption and its
mean curve D has a value of 1.38. It can be observed that the safety factor is

Table 1 Model parameters of soil and pile

Unit weight
(c)

Cohesion (c) Internal friction
angle (u)

Sensitivity
of soil (St)

Penetration
resistance (Ps)

19 kN/m3 32 kPa 24° 2.0 1.2 Mpa

Slope height
(H)

Pile diameter
(d)

slope angle (a) Pile spacing (t) Shear strength of
pile (c′)

20 m 0.4 m 45° 2 m 4Mpa
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reduced suddenly when the pile body is jacked into the soil. Before the pile passes
through the sliding surface, the safety factor decreases as the depth of pile jacked in
the soil increases. After the pile passes through the sliding surface, the safety factor
tends to rise dramatically, thereafter remaining stable subsequently at a relatively
high level. It is worth noting that when considering the internal friction energy
dissipation, the sliding surface depth at the pile sinking position is greater than that
when the internal friction energy dissipation is not considered. After the pile passes
through the sliding surface, the safety factor will increase rapidly due to the lack of
work of pile tip resistance, leading the safety factor for curve A to be smaller than
the safety factor for curve B when the pile depth is between 10 and 11 m.

In most existing limit analysis, the logarithmic spiral landslide body is often
regarded as a rigid body, which ignores the inner friction deformation energy
dissipation due to adaptive deformation during the land-sliding process. However, it
can be observed in Fig. 4 that the energy dissipation due to the friction-induced
deformation plays a significant role in the safety factor for the slope subjected to
pile driving, which should be taken into account in the slope stability analysis.

5 Conclusions

Based on the upper bound limit analysis method, the slope stability during pile
driving process is analyzed with consideration of effects of the internal friction
deformation energy consumption taken into account. The safety factor is adopted to
characterize the slope stability herewith. The results show that:

Fig. 4 Change of the safety factor of slope stability during pile driving
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(1) The multi-block partitioning method is capable of quantifying the energy dis-
sipation due to frictional deformation in the logarithmic spiral landslide.

(2) The energy dissipation due to the friction-induced deformation plays a signif-
icant role in the safety factor for the slope subjected to pile driving, which
should be taken into account in the slope stability analysis.

(3) The results show that the slope safety factor with consideration of the energy
dissipation due to inner friction-induced deformation is greater than its coun-
terpart neglecting such effects. The energy dissipation contributes to improving
the anti-slide capacity of slope.
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Influencing Factors and Significant
Analysis of Mechanical Properties
of Silty Clay Subgrade in Seasonal
Frozen Area

Hong-huan Cui , Chen Xing , Wei-xing Cheng , Xin Yang
and Wen-tao Wang

Abstract To explore the influence of different factors on the mechanical properties
of highway subgrade soil, taking the soil specimen of the highway roadbed in
Zhangjiakou as a research object, the factors of freezing and thawing times, water
content, compaction degree, and freezing negative temperature are investigated.
Using an orthogonal test design, freeze–thaw, temperature monitoring, and static
triaxial tests are conducted. Significance analysis of the orthogonal test results is
applied to determine the effect of the interaction between the factors, both indi-
vidually and in combination, on the static strength, internal friction angle, and
cohesion of the soil. Test results show that (1) after freeze–thaw cycles, the factors
that significant influence the soil strength, cohesion, and internal friction angle are
water content, compaction degree, freeze–thaw cycles, and freezing negative tem-
perature; (2) these factors affect the freezing and thawing rate of soil samples, which
affects the change of soil mechanical properties; (3) for increasing freezing and
thawing times, the soil strength decreases continuously, and the intensity decay
trend is slow after the fifth freeze–thaw cycle.

Keywords Freeze–thaw cycles � Freeze–thaw rate � Interaction � Orthogonal test �
Significance analysis
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1 Introduction

In China, permafrost and seasonally frozen areas distribute widely; the frozen areas
distribute mainly in the northern region of China [1]. With the demands of eco-
nomic construction, national defense construction, resource development, and
improvement of the living standards of rural residents, the frequency of production
and living activities in these areas has been increasing. From previous engineering
accidents, it has been found that only an in-depth understanding of the nature of the
frozen area can reduce the economic losses caused by accidents.

After many years of exploration, experts and scholars at home and abroad have
conducted a lot of research on the changes of soil static and dynamic strength,
elastic modulus, soil quality, and compressive modulus after freezing and thawing
cycles. Simonsen finds that the elastic modulus of soil is reduced after freeze–thaw
cycles [2]. Based on freeze–thaw experiments on Jinzhou silty clay, Zhang Wenjiao
concludes that the volume of Jinzhou silty clay increases after the freeze–thaw
cycle, the cohesion decreases, and the internal friction angle first increases and then
decreases [3]. Through a triaxial test of Qinghai–Tibet clay, Wang Dayan finds that
the elastic modulus of Qinghai–Tibet clay first decreases and then increases after
freeze–thaw cycles [4]. The strength of the sample decreases at first but increases
after the tenth cycle, and the cohesion decreases gradually, while the angle of
internal friction fluctuates between 15° and 30°. Through a triaxial test of saturating
clay, Yu Linlin finds that the cohesion decreases after freezing and thawing and that
the internal friction angle increases; the cohesion and internal friction angle grad-
ually stabilize after 5–7 freeze–thaw cycles [5]. The lower the freezing temperature,
the smaller the effect on both cohesion and internal friction angle. Wang Weina
et al. use a load-bearing plate method to measure the rebound modulus of a roadbed
and conclude that the rebound modulus of the subgrade soil decreases with an
increase in freezing and thawing times and is basically stable after six freeze–thaw
cycles [6]. Through a freeze–thaw cycle test on sandy clay and light sub-clay open
systems, Yang Chengsong et al. find that during repeat freeze–thaw cycles, the soil
dryness tends to a certain value [7]. Tan Yunzhi et al. study the effect of the freeze–
thaw cycle on the strength of modified silt and conclude that the strength of
modified silt decreases with increase in the number of freeze–thaw cycles; they
observe stabilization after six freeze–thaw cycles [8]. Through the uniaxial com-
pression tests conducted for silty clay freeze–thaw cycle of the Qinghai–Tibet
Railway, Zhang Ying et al. find that the soil achieves dynamic stability after 30
freeze–thaw cycles [9]. Through a freeze–thaw cycle test for silty clay and loess, Qi
Ji Lin et al. find that soil dry weight affects soil cohesion and early consolidation
pressure, and that soil cohesion and early consolidation pressure of soil samples
decreases after freeze–thaw cycles [10, 11]. Based on silty clay in the area of
Tianjin and loess in the Lanzhou area, freeze–thaw cycles are simulated after
remodeling and over consolidation, and it is concluded that the cohesion is
decreased and the internal friction angle is increased. After freeze–thaw cycles, Ono
et al. conducted a non-drainage shear test on normal consolidated remolded clay,
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loose silty soil, low-density clay, and remolded clay and finds that shear strength
increases [12–14]. Wang Xiaobin et al. conduct consolidated drainage shear tests on
undisturbed soil and remolded clay, respectively, after a freeze–thaw cycle and
demonstrated that the cohesive force decreases and the internal friction angle
increases after freezing and thawing, and that freezing and thawing temperatures
have little effect on soil strength [15]. Li Shunqun et al. study the influencing factors
of the mechanical properties of frozen soils, with the main aim of investigating the
interaction between factors and the significance of the various factors [16]. Their
results show that temperature has the greatest influence on the mechanical prop-
erties of frozen soil, and that water content, salt content, and strain rate have
different degrees of influence; moreover, an interaction effect between different
influencing factors is found. Chang Dan et al. conducted a conventional triaxial
shear test on the siltation of Qinghai–Tibet silt to study the effects of the freeze–
thaw cycle on stress–strain curve, static strength, elastic modulus, and static
strength [17]; finally, the significance of the effects of freeze–thaw cycles, freezing
negative temperature, confining pressure, and factors on the mechanical effects of
silt soil is determined.

In previous studies, the main focus is usually on damage strength, static strength
parameters, elastic modulus, water migration, and stress–strain curves. In recent
years, Li Shunqun and Chang Dan conducted a significance analysis of existing
research results. In previous studies, the influencing factors investigated include
confining pressure, freezing negative temperature, freezing and thawing times,
water content, strain rate, and salt content; most of these studies used three factors
in their significant analyses. In this study, the effects of freezing and thawing cycles
on the static properties of silty clay are investigated. In the case of interaction, the
influence of different factors is determined using an orthogonal test, and the factors
influencing soil strength as well as the significant interaction factors are determined.

2 Test Content and Method

Following the Test Methods for Soils Highway Engineering, the basic soil
parameters are determined experimentally; the maximum dry density is 1.98 g/cm3,
and the optimum water content is 11.3%. According to the method specifications, a
number of soil samples are prepared, with a height of 80 mm and a diameter of
39.1 mm. After each sample is prepared, it is frozen in a low-temperature box, at a
temperature of between −10 and −5 °C, before melting at a melting temperature of
20 °C, with freezing and melting times of 12 h. To investigate the effects of
freezing negative temperature, freeze–thaw cycles, water content, compaction
degree, and confining pressure on the mechanical properties of soil, the specific test
scheme shown in Table 1 is followed.

To investigate the effect of freezing negative temperature, freeze–thaw cycles,
water content, compaction degree, and confining pressure on the mechanical
properties of soil during freezing and thawing, an orthogonal experiment is carried
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out to explore the interaction between the factors. Considering the interaction, using
an L16 (4 � 212) orthogonal table, a table is designed as shown in Table 2. Table 3
is an orthogonal experimental design scheme of L16 (4 � 212). A denotes the
number of freeze–thaw cycles, which is 0, 1, 5, or 11. B represents the degree of
compaction, which is 97 or 94%. C represents the water content, which is 11 or
13%. D represents the freezing negative temperature, which is −10 or −5 °C.

3 Significance Analysis Principle

Factors affecting the mechanical properties of silty clay usually include water
content, compaction degree, freezing negative temperature, and freeze–thaw cycles.
In this study, these four aspects are subjected to significance analysis. Significance
analysis is actually an analysis of variance; a single-factor test analyzes the changes
in only one factor, while a multi-factor test analyzes the changes in a number of
factors. The multi-factor analysis can be divided into repeated tests and multi-factor
no-repeat tests. There are four factors in this analysis; multiple factors without
repeated tests and the interaction between factors are considered.

Considering the interaction between the factors, the theoretical analysis of the
four factors is as follows. First, the factors are numbered A, B, C, and D, where
factor 1 has a levels, as A1, A2, …, Aa, factor 2 has b levels, as B1, B2, …, Bb, factor
3 has c levels, as C1, C2, …, Cc, and factor 4 has d levels for D1, D2, …, Dd. A test
is conducted at each combination level (Ai, Bj, Ck, Dl); test results are labeled Xijkl.

The calculation process is as follows:
The total sum of squares is:

ST ¼
Xa
i¼1

Xb
j¼1

Xc
k¼1

Xd
l¼1

X2
ijkl �

T2
ijkl

abcd

Table 1 Table of the freezing–thawing test

Test
number

Compaction
degree (%)

Water
content (%)

Freezing negative
temperature (°C)

Thawing
temperature (°C)

Freeze–thaw
cycles (n)

1 94 11 −5 20 0, 1, 5, 11

2 97

3 94 13

4 97

5 94 11 −10 20

6 97

7 94 13

8 97
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The variance squared sum of factor A is

SA ¼ 1
bcd

Xa
i¼1

T2
1 �

T2
ijkl

abcd

The variance squared sum of factor B is

SB ¼ 1
acd

Xb
j¼1

T2
2 �

T2
ijkl

abcd

The variance squared sum of factor C is

SC ¼ 1
abd

Xc
k¼1

T2
3 �

T2
ijkl

abcd

The variance squared sum of factor D is

SD ¼ 1
abc

Xd
l¼1

T2
4 �

T2
ijkl

abcd

where

Tijkl ¼
Xa
i¼1

Xb
j¼1

Xc
k¼1

Xd
l¼1

Xijkl

T1 ¼
Xb
j¼1

Xc
k¼1

Xd
l¼1

Xijkl

T2 ¼
Xa
j¼1

Xc
k¼1

Xd
l¼1

Xijkl

T3 ¼
Xa
i¼1

Xb
j¼1

Xd
l¼1

Xijkl

T4 ¼
Xa
i¼1

Xb
j¼1

Xc
k¼1

Xijkl

Considering the interaction of the four factors, according to the different per-
mutations and combinations, the interaction can be divided into six cases for
A � B, A � C, A � D, B � C, B � D, and C � D, and the calculation process is
as follows (each case follows the example given).
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Considering the interaction, the sum of the squares of factors A and B is

SA�B ¼ 1
cd

Xa
i¼1

Xb
j¼1

Xc
k¼1

Xd
l¼1

Xijkl

 !2

�SA � SB þ
T2
ijkl

abcd

The variance estimates for the various combinations of factors, and the different
combinations of factors are calculated as (using the sum of the squares of factors
A and B as an example):

FA ¼ SA=fAð Þ= SE=fEð Þ

FA�B ¼ SA�B=fA�Bð Þ= SE=fEð Þ

where fA, fA�B, and fE are, respectively, the degrees of freedom of factor A, factor
A � B, and the error.

At different levels of significance, a, when FA �Fa f1; fað Þ (using the
F distribution table shown in Table 4), indicating that the impact of factor A on the
test is significant, and vice versa; the other factor is not significant; the same
reasoning can be applied to other factors to determine the significance of the
different characteristics. According to the test, the hypothesis value can be divided
into six significance levels: a < 0.001, defined as level 1; 0.001 � a < 0.005,
defined as level 2; 0.005 � a < 0.01, defined as level 3; 0.01 � a < 0.05, defined
as level 4; 0.05 � a < 0.1, defined as level 5; and a � 0.1, defined as level 6.

4 Analysis of Test Results

The silty clay samples, with the different values of water content, compaction
degree, freezing negative temperature, and freezing and thawing times, are shown
in Table 1, as well as a control sample, and are subjected to freeze–thaw tests. After
the end of the test, according to the methods described in Highway Geotechnical

Table 4 Critical values Fa f1; fað Þ for F test

Significance level a Fa f1; f2ð Þ
f1 ¼ 1
f2 ¼ 2

f1 ¼ 1;
f2 ¼ 5

f1 ¼ 1;
f2 ¼ 8

f1 ¼ 3;
f2 ¼ 2

f1 ¼ 3;
f2 ¼ 5

f1 ¼ 3;
f2 ¼ 8

0.100 8.53/9.16 4.06/3.62 3.46/2.92

0.050 18.51/19.16 6.61/5.41 5.32/4.07

0.010 98.5/99.17 16.26/12.06 11.26/7.59

0.005 198.5/199.2 22.78/16.53 14.69/9.60

0.001 998.5/999.2 47.18/33.20 25.42/18.49
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Test Procedures, a static triaxial test is conducted. The test strain rate is set to
0.8 mm/min, and the peak strain is 15%, which is the specimen failure strain. The
test results are shown in Table 5.

4.1 Analysis of Static Intensity of Soil

After the orthogonal analysis, the values of soil strength, internal friction angle, and
soil cohesion under different working conditions are collated in an orthogonal table.
The static soil strength is analyzed statistically for variations in freezing and
thawing times, moisture content, compaction degree, and freezing negative tem-
perature. The results are shown in Tables 6 and 7.

Through the analysis of Tables 6 and 7, it can be found that the effect of each
factor on the static strength of the soil is B > C > B � C > A > A � D > A �
C > B � D > D > A � B > C � D, for a confining pressure of 20 kPa, consid-
ering the interaction between the factors, that is, compaction degree > water con-
tent > interaction of water content and compaction degree > freezing and thawing
times > freezing negative temperature > interactions between water content and
freezing negative temperature > interaction between freezing and thawing times
and water content > interaction between compaction degree and freezing negative
temperature effect.

Table 5 Orthogonal experimental results of the triaxial test

Test
number

Static
strength
(r3 = 20 kPa)

Static strength
(r3 = 100 kPa)

Static strength
(r3 = 180 kPa)

Cohesion
(kPa)

Internal
friction
angle (°)

1 436.4 604.7 774.8 111.55 30.93

2 472.0 619.6 746.7 134.97 27.49

3 703.4 872.4 1027.2 192.04 30.19

4 385.4 535.6 668.6 106.95 27.99

5 391.0 569.9 741.7 97.83 31.52

6 393.1 548.2 691.1 106.4 28.82

7 625.2 806.3 952.2 167.01 30.36

8 331.8 482.4 621.3 89.38 28.35

9 512.6 718.0 929.4 120.75 33.76

10 305.1 469.8 616.5 79.35 29.54

11 333.8 530.1 690.5 84.05 31.76

12 359.1 517.3 672.8 93.22 29.67

13 501.0 698.0 901.0 120.01 33.85

14 300.8 462.1 611.8 77.49 29.52

15 324.4 522.6 683.7 81.26 31.88

16 350.4 515.9 666.4 91.56 29.80
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When the confining pressure is 20 kPa, the factors influencing soil strength are
the interaction of water content, compaction degree, freezing and thawing times,
moisture content and compaction degree, and the interaction between freezing
temperature and freezing and thawing times. The effect of the combination of water
content, the degree of compaction, freezing temperature, and the number of freeze–
thaw cycles on the soil strength is calculated, as shown in Tables 8 and 9.

According to Tables 8 and 9, for B1C1, A1D1, the static strength of the soil has a
maximum; here, the combination is no freeze–thaw times, a water content of 10%, a
compaction degree of 97%, and freezing temperature of −10 °C. For B2C2 and
A4D1, the static strength of the soil has a minimum value. Here, the combination is
11 freeze–thaw cycles, a water content of 12%, a compaction degree of 94%, and a

Table 6 Significance test A of soil strength considering interactions

Source of variation SS Df MS F Significance level

A 40836.29 3 13612.1 398.24 2

B 63491.4 1 63491.4 1857.53 1

AB 837.16 3 279.05 8.16 6

C 77715.5 1 77715.5 2273.67 1

AC 2898.62 3 966.21 28.27 4

BC 21017.75 1 21017.75 614.90 2

D 565.25 1 565.250 16.54 4

e 68.36 2 34.18 – –

Total variation 207498.7 13 – – –

Table 7 Significance test B of soil strength considering interactions

Source of variation SS Df MS F Significance level

A 40836.29 3 13612.1 60.94 1

B 63491.4 1 63491.4 284.23 1

CD 70.98 3 23.66 0.11 6

C 77715.5 1 77715.5 347.91 1

BD 2618.88 3 872.96 3.91 5

AD 21086.11 3 7028.70 31.47 2

D 565.25 1 565.25 2.53 6

e 1045.92 2 522.96 – –

Total variation 208547.2 17 – – –

Table 8 Tie-in effect
calculation of B � C

B � C B1 B2

C1 588.8 390.325

C2 376.925 323.425
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freezing negative temperature of −5 °C. The maximum value represents the static
strength of the soil without freeze–thaw cycles, and the minimum represents the
largest combination of all the factors.

Similarly, according to the data given in Table 5, it can be calculated that when
the confining pressure is 100 kPa, the influence of the static strength on the soil is:
B > C > B � C > A > A � D > A � C > D > A � B > B � D > C � D. When
the confining pressure is 180 kPa, the influence of the static strength on the soil is:
B > C > B � C > A > A � D > A � B > A � C > B � D > D > C � D.

As can be seen from Table 4, when the critical value is less than F0.010, the
value for F0.005 is significantly smaller than that for F0.010, so it can be assumed
that the critical value is less than F0.01 when the impact is not significant. After
analyzing the influence of the static strength values on the three kinds of confining
pressure, the factors influencing the strength value are determined to be the inter-
action between water content and compaction degree and numbers of freeze–thaw
cycles.

4.2 Effect of Freezing and Thawing Rate on Soil Strength

Considering such factors as water content, compaction degree, environmental
temperature, and freezing and thawing times, the silty clay samples are subjected to
freeze–thaw experiments. The internal temperature of the specimen is measured
under different working conditions: freezing time, freezing temperature, cold
duration, and time to reach the ambient temperature, that is, the negative temper-
ature stability. The results are shown in Table 10.

After the orthogonal test is completed, the data for the different working con-
ditions is combined into the orthogonal table. The freezing and melting rates of the
soil samples are analyzed for variations in freezing and thawing times, moisture
content, compaction degree, and freezing temperature. The results are as follows:

(1) During the freezing process, the degree of influence on the freezing rate is in the
order of environmental temperature > compaction degree > water con-
tent > interaction between compaction degree and water content.

(2) During the freezing process, the degree of influence on the degree of freezing
temperature is (from large to small) in the order of environmental tempera-
ture > compaction degree > water content > interaction between the degree of
compaction and water content.

Table 9 Tie-in effect
calculation of A � D

A � D A1 A2 A3 A4

D1 544.4 466.95 410.4 402.7

D2 454.2 388.4 350.3 341.6

Influencing Factors and Significant Analysis of Mechanical … 189



(3) The freezing temperature is unchanged under different working conditions,
indicating that the freeze–thaw cycles only changes the mechanical properties
of the soil without changing the physical properties of the soil [18, 19].

In the analysis of the influence of freeze–thaw cycle on soil strength, the results
obtained for the combination of freezing rate and soil strength show that the factors
influencing the strength of the soil are compaction degree, water content, com-
paction degree, and water content interaction. Therefore, it is considered that dif-
ferent factors affect the freezing and thawing rate of soil, which affect the strength
of soil.

5 Conclusion

Experiments show that soil strength, cohesion, and internal friction angle decrease
with increasing numbers of freeze–thaw cycles. After a slow decline, the soil
properties stabilize after the fifth freeze–thaw cycle. The orthogonal test and sig-
nificance analysis demonstrate that the factors that influence the strength of the soil
are compaction degree, water content, interaction between compaction degree and
water content, and the number of freeze–thaw cycles.

During the experiments, the internal temperature of the specimen is monitored
periodically. The results show that such factors as compaction degree, water content,

Table 10 Orthogonal experimental results of temperature test

Test
number

Freeze 0 °
C (min)

Supercooled
start (min)

Supercooled
temperature (°C)

Duration
(min)

Negative temperature
stability (min)

1 63 126 −3.7 24 314

2 40 60 −3.7 7 286

3 58 74 −3.7 16 412

4 78 152 −3.7 38 490

5 69 126 −3.7 37 404

6 43 58 −3.7 9 289

7 67 78 −3.7 20 372

8 71 151 −3.7 44 521

9 46 78 −3.7 6 305

10 72 133 −3.7 29 421

11 82 153 −3.7 28 505

12 56 71 −3.7 17 430

13 44 62 −3.7 8 261

14 68 122 −3.7 35 383

15 81 157 −3.7 33 470

16 47 73 −3.7 23 391

190 H. Cui et al.



and freezing temperature change the freezing rate of the specimen, and the freezing
and thawing rate affect soil strength. The effect of freezing and thawing factors on soil
strength is explained by the change of freezing rate.
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Study on a Method of Horizontal
Bearing Capacity of Anti-slide Pile
Based on “C” Method

Liqun Zhang and Jingyu Hu

Abstract The foundation coefficient method is generally safe because of its clear
concept and simple method. Therefore, it is more common at home and abroad to
use this method to calculate the horizontal bearing capacity of anti-slide piles. This
paper focuses on the surface weathered foundation and uses the ground coefficient
method “c” method as the background. By changing the “c” method, a new
algorithm for the horizontal bearing capacity of anti-slide piles is deduced, and an
engineering example is analyzed. Using MATLAB to analyze and calculate,
through comparison of different calculation methods, it was finally verified that the
calculation method of the horizontal bearing capacity of the anti-slide pile is closer
to the actual test data than the classical method, which provides a feasible method
for the calculation of the horizontal bearing capacity of the anti-slide pile in the
future.

Keywords Lateral bearing capacity � Anti-slide pile � MATLAB

1 Introduction

In recent years, with the continuous development of science, large-scale engi-
neering and railway bridges span increasing, the load acting on the pile foundation
is more and more big. It is far from satisfying the needs of today’s development to
adopt the pile with low cross section and side bearing capacity. Through decades of
development, the analysis of pile under lateral load, at present, the foundation
coefficient method is mostly adopted. The foundation coefficient method considers
that the size of soil resistance of pile side is not only related to the type of soil but
also related to the lateral displacement caused by lateral force or torque. For soil
resistance of pile side, at present, people use Winkler’s elastic foundation beam
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theory [1]. For pile side soil resistance of the foundation coefficient, Chinese
scholars Zhang Youling assume that depth of pile lateral soil foundation coefficient
is a constant, but it turns out that only preconsolidation clay can approximate this
assumption; Some Soviet scholars believed that the foundation coefficient increased
along the depth. There are also domestic scholars who believe that it is along
parabolic growth [2]. It is proved that different methods have their own applicability
and deficiency, and the research on theory is still being explored.

Anti-slide pile is a kind of pile which is subjected to transverse load, it is widely
used in practice, in the calculation of the foundation resistance, the variation of the
foundation coefficient along the depth varies, and the ground foundation coefficient
can be divided into “k” method, “m” method, and “c” method; When the local base
coefficient is a convex parabola, the proportional coefficient of the ground coeffi-
cient with depth changes is denoted by c, which is called “c” method [3].

For traditional “k” method, “m” method and “c” method are both steep and
sometimes not suitable for the actual situation [4]; the method of this paper is based
on the derivation of traditional “c” method, and the foundation coefficient is
smoother than the traditional “c” method, which is more applicable to the actual
situation.

2 New Method for Horizontal Bearing Capacity of Piles

Assume that the unit width of the pile wall is used as the elastic foundation beam
placed vertically. The active earth pressure on the outside acts as the horizontal load
applied to the pile. Vertical elastic piles are subjected to lateral loads at the ground
(horizontal force H0 and bending moment M0), selecting coordinate origin and the
direction of the coordinate axis, take the microsegment dx on the pile, and through
analysis, guided differential equations:

EI
d4y
dx4

þ b0p x; yð Þ ¼ 0

p x; yð Þ ¼ ax0:25y
ð1Þ

In the formula,

p (x, y) The resistance of pile side soil on unit area;
y horizontal displacement;
x depth below the ground;
b0 The calculated width of the pile;

b0 is calculated width of the pile, If the round pile diameter d or rectangular pile
width b is equal to or greater than 1 m:
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Rectangular pile: b0 ¼ bþ 1

Round pile: b0 ¼ 0:9 dþ 1ð Þ

If the round pile diameter d or rectangular pile width b is less than 1 m:

Rectangular pile: b0 ¼ 1:5bþ 0:5

Round pile: b0 ¼ 0:9 1:5dþ 0:5ð Þ

For the “k” method, the “m” method, the “c” method, and the methods in this
paper, the law of the depth coefficient at depth x with depth can be represented by
such a formula: Cx ¼ mxn, the law of the change of the ground coefficient with
depth for various methods [5] is shown in (Fig. 1).

Let the solution of the differential equation be:

y ¼ f ðxÞ ð2Þ

Expand the above formula into a McLaughlin series:

y ¼ f ðxÞ ¼ f ð0Þþ f 0ð0Þ
1!

xþ f 00ð0Þ
2!

x2 þ f 000ðxÞ
3!

x3

þ f ð4ÞðxÞ
4!

x4 þ � � � þ f ðrÞð0Þ
r!

xr þ � � �
ð3Þ

n=0           n=1           n=1/2          n=1/4
k method m method     c method   The method of this article

X 

Fig. 1 Comparison of ground coefficient of various methods
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Known from the material mechanics:

f 0ðxÞ ¼ dy
dx

¼ ux

f 00ðxÞ ¼ d2y
dx2

¼ Mx

EI

f 000ðxÞ ¼ d3y
dx3

¼ Qx

EI

f ð4ÞðxÞ ¼ d4y
dx4

¼ qx
EI

ð4Þ

So,

f 0ð0Þ ¼ dy
dx

����
x¼0

¼ u0 f 00ð0Þ ¼ d2y
dx2

����
x¼0

¼ M0

EI

f 000ð0Þ ¼ d3y
dx3

����
x¼0

¼ Q0

EI
f ð4Þð0Þ ¼ d4y

dx4

����
x¼0

¼ q0
EI

ð5Þ

Substituting the Formulas (5) into (3), the displacement y, shear force Q, the
direction of the foundation reaction force is positive with the positive direction of
the y-axis; when the right side of the pile is pulled, M is positive, otherwise is
negative; counterclockwise u0 is negative, and clockwise is positive. Get the
solution at depth x and further derivation:

Lateral displacement:

y ¼ y0A1 þ u0

a
B1 þ M0

a2EI
C1 þ Q0

a3EI
D1 ð6Þ

Pile side stress:

rz ¼mxy

¼mx y0A1 þ u0

a
B1 þ M0

a2EI
C1 þ Q0

a3EI
D1

� � ð7Þ

Corner:

u ¼ ay0A2 þu0B2 þ M0

aEI
C2 þ Q0

a2EI
D2 ð8Þ

Bending moment:

M ¼ a2EI y0A3 þ u0

a
B3 þ M0

a2EI
C3 þ Q0

a3EI
D3

� �
ð9Þ
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Among them a ¼
ffiffiffiffiffi
ab0
EI

4:25
q

, y0;u0;M0;Q0 are the displacements, corners, bending

moments, and shear forces, respectively, at the pile surface, coefficient
A1;B1���C4;D4 is a function about ax, through the lookup table can be determined;
with these parameters, some characteristics of the pile can be found [6].

Among them,

A1 ¼1� 0:25!
4:25!

axð Þ4:25 þ 4:5!0:25!
8:5!4:25!

axð Þ8:5� 8:75!4:5!0:25!
12:75!8:5!4:25!

axð Þ12:75. . .

B1 ¼ax� 1:25!
5:25!

axð Þ5:25 þ 5:5!1:25!
9:5!5:25!

axð Þ9:5� 9:75!5:5!1:25!
13:75!9:5!5:25!

axð Þ13:75. . .

C1 ¼ 1
2

axð Þ2� 2:25!
6:25!

axð Þ6:25 þ 6:5!2:25!
10:5!6:25!

axð Þ10:5� 10:75!6:5!2:25!
14:75!10:5!6:25!

axð Þ14:75. . .
� �

D1 ¼ 1
6

axð Þ3� 3:25!
7:25!

axð Þ7:25 þ 7:5!3:25!
11:5!7:25!

axð Þ11:5� 11:75!7:5!3:25!
15:75!11:5!7:25!

axð Þ15:75. . .
� �

ð10Þ

As for A2, B2, C2, and D2, respectively, the above A1, B1, C1, and D1 are derived
from x and divided by. The same arguments for A3, B3 to C4, and D4 are also the
same reason for derivation.

3 Case Analysis

For a strong weathered foundation in the north, due to engineering needs,
anti-sliding piles shall be installed, in which the total length of the pile is 26 m, the
suspended ground is 10 m, the length of the pile body embedded in the soil is 16 m,
and the width of the positive section of the anti-slide pile is 1 m. The height of the
pile section is 2 m. The parameters of the soil and cantilever piles are shown in
Table 1. According to the test pile data, the surface displacement is 10 mm when
the pile top acts at 40kN.

Table 1 Basic parameters

Model
material

Density/
kg m−3

Elastic
modulus/MPa

Cohesion/
KPa

Internal friction
angle/(°)

Poisson’s
ratio

Anti-slide
pile

2500 11,000 ─ ─ 0.25

Soil 1800 21 25 25 0.3
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3.1 Determination of Foundation Coefficient

For the ground coefficient mentioned in this article’s method a ¼
ffiffiffiffiffiffi
ab0
EI

4:25
q

, according

to the test pile data, the load at the surface displacement of 10 mm is 40 kN; when
the load is 40 kN, the ground coefficient is continuously assumed, according to
Formula (6) and formulas for solving y0 and u0; until the calculated y0 ¼ 10mm,
the foundation coefficient at this time is required foundation coefficient [6].

According to the above ideas, the MATLAB program was written; when other
initial values are determined, different values a are input, different values y0 are
output correspondingly, and continuous attempts are made. The results are shown
in Table 2.

Table 2 shows, when a is gradually increased, the value of y0 is gradually
decreasing; when the value a is 0.14, the value y0 is connected to 10 mm, and it is
consistent with the assumption of the assumed foundation coefficient; in this
numerical simulation, the foundation coefficient is determined to be 0.14.

3.2 Pile Displacement Results

For the pile bottom displacement, the load is 40 kN, the pile bottom displacement is
determined according to Formula (6), and the solution of other parameters is
determined according to the programmed MATLAB program, as shown in Table 3.

The displacement of pile is calculated according to the Formula (6) and
MATLAB, and then, the displacement value of pile under 40 kN load is calculated,
see Table 4.

According to the table data, the calculated theoretical values are plotted. The
results are shown in Fig. 2.

Table 2 Determination of value a

a a h y0 (mm)

0.10 1.6 37.5

0.11 1.76 25.4

0.12 1.92 17.9

0.13 2.08 13.1

0.14 2.24 9.9

Table 3 The value of each parameter of pile bottom displacement

A1 B1 C1 D1 A2 B2 C2 D2 A3 B3

0.218 1.821 2.339 1.816 −1.464 0.023 1.768 2.325 −2.047 −1.827

C3 D3 A4 B4 C4 D4 Q0 M0 y0 y

−0.099 1.729 −1.800 −2.551 −2.053 −0.190 4 � 104 4 � 105 9.9 −4.8
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3.3 Comparison of Different Methods of Bending Moment
Diagram

For the method in this paper, the pile bending moment is calculated when the load
is 40 kN, the above foundation coefficient is substituted into (9), and the theoretical
value is calculated according to the MATLAB procedure, as shown in Table 5.

Through the above table, the theoretical value of the bending moment of the pile
when the load is 40 KN is made, and then, it is compared with the “m” method, the
“c” method, measured bending moments, and methods in this article [7, 8] Fig. 3
shows.

4 Numerical Simulation

4.1 Model Establishment

The numerical simulation is based on the anti-slide pile test. Through the study of
the local elastic foundation beam, the numerical simulation is used to establish the

Table 4 Displacement values for different pile lengths

Pile length (m) 0 1 2 3 4 5 6 7 8

Displacement (mm) 9.9 8.6 7.4 6.3 5.2 4.1 3.2 2.3 1.4

Pile length (m) 9 10 11 12 13 14 15 16

Displacement (mm) 0.55 −0.24 −1.0 −1.8 −2.5 −3.2 −3.9 −4.8
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finite difference numerical model of the anti-slide pile and carry out numerical
simulation. This time value model consists of soil and anti-slide piles. The value of
the boundary range has a great influence on the numerical simulation results.
Therefore, the large range of the model before and after the anti-slide pile is taken to
reduce the influence of the boundary effect on the calculation results.

There are two calculation methods for the establishment of the anti-slide pile
solid model: one is to use a large finite element software that is convenient for solid
modeling to build a solid model and then import it into FLAC3D; the other is to use
the Fish language in FLAC3D software to program the model. Enter the anti-slide
pile information to form a solid model. This article uses the second method.
Therefore, the model established by FLAC3D is shown in Fig. 4.

Table 5 The bending moment of different pile lengths

Pile
length
(m)

0 1 2 3 4 5 6 7 8

Bending
moment
(kN m)

400 434.21 453.86 458.35 448.62 426.24 393.14 351.46 303.43

Pile
length
(m)

9 10 11 12 13 14 15 16

Bending
moment
(kN m)

251.37 197.65 144.68 94.90 50.78 14.88 −10.23 −21.87
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Fig. 3 Comparison of
bending moment diagrams of
various methods
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4.2 Model Parameter Selection and Boundary Conditions

In the design process, two different calculation models are adopted for the soil and
anti-slide piles. The Mohr–Coulomb model is adopted for the soil, and the anti-slide
pile takes into account the characteristics of the pile itself, so the full elastic model
is adopted. Different parameters are used according to different calculation models;
among them, BULK (elastic modulus), COHESION (cohesion), FRICTION (in-
ternal friction angle) of the input material in the Mohr–Coulomb model; and
required in the full elastic model Enter the material’s BULK (bulk modulus) and so
on.

After determining the parameters, it is also necessary to determine the contact
mechanics parameters of the anti-slide pile body and the soil. Generally speaking,
there are two types of such parameters: one is the tangential parameters of the pile
body, and the other is the normal parameters of the pile body; these parameters are
generally obtained through experiments in practice; however, they cannot be
obtained or obtained in the field. In case of difficulty, it can also be obtained
according to certain rules. It is assumed that the damage between the piles occurs
inside the soil, and the parameters of the pile body and the parameters of the
pile-soil contact can be set sufficiently large; this makes the result more accurate.

Fig. 4 Building a model
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This simulation uses a symmetrical boundary. The model mainly receives the
lateral load of the pile top and the effect of gravity. The lateral load of the pile top is
the surface load acting on the cantilever pile.

4.3 Model Results Analysis

When the pile top adopts different lateral loads, the variation law of the bending
moment and lateral displacement of the pile body is monitored by FLAC3D soft-
ware. In this simulation, the lateral loads of the pile top were taken in seven
different cases of 40, 50, 60, 70, 80, 90, and 100 kN, and the seven cases were
numerically simulated and studied.

Figure 5 shows the relationship between the bending moment of the pile body
when the pile top is used with different loads. It can be seen from the figure that the
bending moment of the pile body generally shows a trend of changing first and then
becoming smaller, wherein the maximum bending moment is obtained at about 4 m
below the ground; As a whole, the larger the load, the greater the bending moment
of the body also shows an increasing trend

Figures 6 and 7 show the comparison of theoretical values and numerical sim-
ulations of pile bottom and pile surface displacement when different pile loads are
used. It can be seen from the figure that with the increase of pile top load, pile
bottom, pile surface, and pile top, the lateral displacement has increased, and the
displacement also shows an increasing trend as the load increases.
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5 Conclusions

In this paper, by introducing the basic theory of elastic foundation beam, a method
of lateral bearing capacity of pile is deduced. In the case analysis, the examples are
calculated and analyzed by MATLAB programming. Through this study, the fol-
lowing conclusions have been drawn:

(1) It can be seen from the displacement diagram of the pile body that when the top
of the anti-sliding pile is loaded, the displacement of the pile body is gradually
reduced below the ground; finally, at the bottom of the pile, the displacement
and the displacement at the ground are reversed.
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(2) It can be seen from the results of numerical simulation that when the top of the
anti-slide pile is subjected to different loads, the bending moment of the whole
pile body tends to increase first and then decrease, and the maximum bending is
obtained approximately 4–5 m below the ground. Moment; as the pile top load
increases, the bending moment also tends to increase.

(3) It can be seen from the bending moment diagram that when the load is applied
to the top of the anti-sliding pile, the bending moment of the whole pile
generally shows a trend of increasing first and then decreasing, and the max-
imum bending moment is approximately 2–3 m below the surface.

(4) By comparing the bending moment diagrams of different methods, we can see
that the measured bending moment is smaller than method of this article, “c”
method and “m” method in the range of approximately 9 m below the ground,
but more than nine meters is bigger than the other three; for the methods of this
paper, the “c method” and the “m” method, the method of this paper should be
closer to the measured bending moment.

(5) Through the above research, the method deduced in this paper is closer to the
actual situation than the “c” method and the “m” method for the weathered
foundation. For the weathered foundation, the method proposed in this paper
has a certain reference.
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Numerical Investigation on Screening
Surface Waves Using a Buried Trench
with Plate

Jian-ping Li, Xiao-lei Zhang, Dong-mei Zhang and Shi-jin Feng

Abstract This article is aimed at studying the effectiveness of a buried trench with a
plate in screening the ground vibrations. Influence of various geometrical parameters
normalized by Rayleigh wavelength is investigated to identify key parameters of the
buried trench. Three types of the buried barriers depending on the relative position
between plate and trench are considered herein: (a) trench with source-oriented plate,
(b) T-shape trench and (c) trench with receiver-oriented plate. Screening effective-
ness of these cases is compared to that of the buried trench without a plate.
Parameters study shows that adding a plate to buried trench has a considerable
beneficial effect on screening vibrations, and some design considerations of the
buried trench with the plate are made for enhancing the screening efficiency.

Keywords Vibration isolation � Buried trench � Wave barrier � Finite element

1 Introduction

Ground vibrations are generated by a variety of sources like industrial machinery,
traffic and construction activities. Excessive vibrations may cause annoyance to
residents, malfunction of sensitive equipment and even damage to structures.
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The most effective and direct measure to reduce vibration is setting an intervention
at the source [1]. Taking measures in structures disturbed by vibration is another
choice [2]. Placing a wave barrier in the ground between the vibration source and
receiver is also a good alternative for vibration control.

Woods [3] conducted a series of field tests on vibration isolation of open trench
and stated that the ratio of barrier depth to Rayleigh wavelength is the most relevant
geometric parameter. However, a deep open trench in engineering practice is dif-
ficult to meet the requirements of stability in a long-term isolation process [4, 5],
and therefore soft or stiff materials are filled into the trenches [6–9]. In general, the
open trench is more effective than in-filled trench on screening surface waves as the
fact is that the incident waves would transmit through the filled materials in addition
to scattering (mode transform) and diffraction underneath the trench [6, 10].

The previous works primarily focused on unburied open or in-filled trenches
except for Castanheira-Pinto [11], who numerically studied the screening efficiency
of buried periodic inclusions, a discontinuous barrier. This paper aims to investigate
numerically the potential use of buried trench in screening surface waves. Three
cases depending on the relative position between plate and trench are considered
and compared to the trench without a plate. A 2D finite element (FE) model is
firstly created and verified by the previous literature. Then, a parametric study of the
geometric effect on the screening effectiveness of buried trench is committed to
investigating the influence of the plate. Finally, the extra contribution of the plate on
screening effect is intuitively exhibited and some proposals are tabled to design a
similarly buried trench with a plate.

2 Problem Definition and Modeling

2.1 Three Cases of Buried Trenches with Plate

Three cases depending on the relative position between the plate and buried trench
are considered as shown in Fig. 1b–d: trench with a source-oriented plate (Case 2),
T-shape trench (Case 3) and trench with a receiver-oriented plate (Case 4). For
comparison, the buried trench without a plate is termed as Case 1 (Fig. 1a).

2.2 Degree of Isolation

The screening effectiveness of a barrier could be assessed in terms of amplitude
reduction factor AR defined as the ratio of maximum surface displacement ampli-
tudes between with and without barrier [5].

The amplitude reduction factors over the range measurement s beyond the barrier
were not uniform, so the average amplitude reduction factor AR was used instead:
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AR ¼ 1
s

Z
ARðxÞdx ð1Þ

Obviously, smaller values of AR and AR imply a better screening effect.

2.3 Finite Element Model and Validation

A 2D model is sufficient to predict the vibration isolation effect of the screen [12, 13]
and takes advantage of much lower computing cost than a three-dimensional model;
therefore, a 2D model (Fig. 2) with the dimension of length 60 m and depth 40 m is
constructed in COMSOL Multiphysics for the current study. The foundation and
screen are modeled as linear elastic, homogeneous and isotropic. Perfectly matched
layer boundaries are applied to simulate the half-space. The elastic modulus E,
Poisson’s ratio m, density q and damping ratio n of the half-space are characterized as
46 MN/m2, 0.25, 1890 kg/m3 and 0.05, respectively. The plate is made of concrete,
and the corresponding E, m, q, n are 25,500 MN/m2, 0.2, 2500 kg/m3 and 0.30,
respectively.

(a) Case 1 (b) Case 2

(c) Case 3 (d) Case 4

Fig. 1 Four schematics of different buried trenches: a buried trench without plate (Case 1);
b trench with a source-oriented plate (Case 2); c T-shape trench (Case 3); and d trench with a
receiver-oriented plate (case 4)
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A unit harmonic load of magnitude P = 1 kN and frequency f = 30 Hz is
applied at the footing with a width of 0.75 m (Fig. 2). The Rayleigh wavelength
(LR) is then calculated as 3.0 m. Therefore, the element size n is set as 0.3 m to
meet the relationship of n = LR/k, where k is a coefficient ranging from 4 to 10 [14].
The footing’s mass is neglected as it plays an unimportant role in the screening
effectiveness of barriers [15].

An isolation case of an open trench (depth d = 1.0 LR and width w = 0.1 LR) in
an elastic half-space located at a distance r = 5 LR from a rigid footing subjected to
a vertical harmonic load was taken to validate the model. The values of AR with
respect to normalized distance from the source are shown in Fig. 3. As can be seen,
the present results agree well with the previous work [6], demonstrating the cor-
rectness and feasibility of the proposed model.

3 Parametric Study of Buried Trenches with Plates

With reference to buried barriers shown in Fig. 1, the following dimensionless
parameters are adopted: R = r/LR, D = d/LR, W = w/LR, H = h/LR, S = s/LR,
N = n/LR and M = m/LR and unless otherwise stated, R = 5.0, D = 1.0, W = 0.1,
H = 0.2, M = 0.2 and N = 1.0. Moreover, the extent of reduction zone s beyond the

Fig. 2 Typical model of
problem
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barrier is adopted as S = 5.0 as the previous work [6], which has illustrated that a
zone of 5LR would be long enough to represent the average amplitude reduction
factors. The trench width is assumed to be a constant value W = 0.1 as it does not
have much influence on the efficiency of isolation [3, 6].

3.1 Effect of Buried Trench Location

Obviously, the average amplitude reduction factor AR of Cases 2 and 4 is much less
than that of Case 1, which means that the source- and receiver-oriented plate has a
positive influence on the buried barrier system. However, the plate of T-shape trench
(Case 3) is not always beneficial to the screening efficiency (adverse influence is
exerted when R is even times Rayleigh wavelength) as the plate would transmit the
wave energy to the rear of the barrier (adverse effect) in addition to cutting down the
diffraction phenomenon (positive effect). Moreover, the AR values of the four cases
show somewhat oscillation with normalized distance R (Fig. 4). This is because the
intricate screening phenomena occur when the incident wave propagates to the
buried trench, including wave reflection, scattering and diffraction [6]. The AR value
corresponding to r = 5LR can be used as a representative estimate of AR for barrier
locations at r > 5LR to some extent; therefore r is set as 5LR in the following.

3.2 Effect of the Plate Location

The relationships between AR and normalized trench depth D for Cases 1, 2 and 4
are generally similar; meanwhile, Cases 2 and 4 have better screening effectiveness
than Case 1, i.e., a decrease of more than 0.15 (0.20) for Case 2 (Case 4) in AR,
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indicating the advantage of embedded plate (Fig. 5). For the reason that the plates
have diminished diffraction phenomenon. The plate of T-shape trench (i.e. Case 3)
is beneficial for deeper buried depth (H > 0.2), while it exerts an adverse influence
on screening effect for shallower buried depth, e.g., H � 0.2. That is probably
because the plate above the trench may help waves transmit to the rear of the
barrier. Moreover, receiver-oriented plate (Case 4) seems to be more effective than
the other two cases with plates.

3.3 Effect of Plate Thickness and Width in Case 4

For Case 4, the values of AR consistently decrease with increasing normalized plate
width N indicating an improved screening effect for M = 0.1. However, for
M � 0.2, AR first decreases until N > 1.2 and then almost keeps stable, which
means that a wider plate than N = 1.2 hardly increases the screening effectiveness
(Fig. 6). This is mainly because the receiver-oriented plate can cut down diffracted
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waves (positive effect), but can also guide waves to get through the trench (adverse
effect). Therefore, a plate with 1.2LR would be enough to reduce the transmitted
waves by diffraction. Moreover, increasing the thickness of the plate is always
beneficial to screening efficiency. Only a slight decrease of AR at N = 1.2 when
increasing the normalized plate thickness for M > 0.2. In light of this, M = 0.2 and
N = 1.2 can be regarded as a better choice.

3.4 The Benefits of a Plate in a Buried Trench System

To intuitively illustrate the extra contribution of the receiver-oriented plate in Case
4 on screening effect, the ratio of the average amplitude reduction values between

Case 4 and Case 1 ðDAR ¼ A
Case 4
R � A

Case 1
R Þ was calculated (Fig. 7). Their average

values are also depicted with a solid line. As can be seen, the plates achieve optimal
performance when H is around 0.3. Such a phenomenon can be explained by the
positive and adverse influences of the receiver-oriented plate on screening waves as
described in Sect. 3.3. For shallower buried trenches, the transmitted wave energy
by diffraction is small and even some surface waves are guided through the barrier,
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which results in a limited positive effect of the plate. With increasing buried depth,
the proportion of diffracted wave to transmitted waves is increasing, which results
in the growth of screening efficiency of the plate. For deeper buried trenches, most
of the waves would pass through the zone overlying the barrier directly and thereby
smaller extra contribution was provided by the plate.

4 Conclusions

A 2D finite element study is performed to investigate the screening effectiveness of
buried trench with a plate (three cases depending on the relationship between plate
and trench) in a linear elastic, homogeneous and isotropic half-space. The extra
contribution of the plate on the screening effect is compared to that of the buried
trench without a plate. The principal conclusions and design considerations about
buried trench with the plate are as follows:

(1) A source-oriented plate (Case 2) or a receiver-oriented plate (Case 4) is always
beneficial to screening effect of the buried trench, a decrease of more than 0.15
(0.20) for Case 2 (Case 4) in AR (M = 0.2 and N = 1.0) compared with the
barrier without a plate. The plate of T-shape trench (Case 3) has a positive
influence on screening effect only when R is odd times Rayleigh wavelength for
deeper buried depth (H > 0.2).

(2) Case 4, with receiver-oriented plate, is the first alternative for buried trench as it
seems to be more effective than the other two cases.

(3) The geometric dimensions of M = 0.2 and N = 1.2 for a buried trench with a
receiver-oriented plate can be regarded as a better choice.

(4) The receiver-oriented plate would achieve optimal performance when the
buried depth is around 0.3 LR.
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Influence of Fibre-Reinforced Load
Transfer Platform Supported
Embankment on Floating Columns
Improved Soft Soils

Cong Chi Dang and Liet Chi Dang

Abstract Fibre reinforcement has been proved to be effective in improving
geotechnical characteristics of both untreated and cemented soils, such as shear and
compressive strength, bearing capacity, ductility and load-settlement behaviour.
The application of fibre-reinforced soils could be beneficial to construction of
embankments over soft soils because it can maintain its proper strength and bearing
capacity when suffering from large total and differential settlements. In this study,
fibre-reinforced cemented soil foundation is proposed to be used as a fibre-
reinforced load transfer platform (FRLTP) combined with columns supported (CS)
embankment constructed on multilayers of soft soils. To investigate the effect of
addition of FRLTP into the CS embankment system, a numerical investigation
based on the finite element analysis (FEA) using PLAXIS 2D was conducted.
Moreover, a parametric analysis was carried out to evaluate the influence of the
FRLTP thickness on the performance of the CS embankment when considering the
vertical and differential settlements during the embankment construction and
post-construction stages. The predicted results indicate that the vertical settlement
and the lateral deformation considerably reduce with the insertion of FRLTP into
the CS embankment system. Meanwhile, the outcomes of the parametric study
reveal that the FRLTP thickness has a significant influence on the enhancement in
the time-dependent differential settlement. Although the vertical settlement signif-
icantly decreases with increasing the FRLTP thickness, the post-construction ver-
tical settlement was predicted to be most likely independent of the FRLTP
thickness. The findings of this study could enable geotechnical engineers and
designers to design a time-dependent performance-based FRLTP for a CS
embankment over soft soils and aim to enhance the related design codes.

C. C. Dang
Faculty of Civil Engineering, Ho Chi Minh City University of Technology,
VNU-HCM, 268 Ly Thuong Kiet Street, District 10, Ho Chi Minh City, Viet Nam
e-mail: 1870139@hcmut.edu.vn

L. C. Dang (&)
School of Civil and Environmental Engineering, University
of Technology Sydney, Sydney, NSW 2007, Australia
e-mail: dangchiliet@gmail.com

© Springer Nature Singapore Pte Ltd. 2020
E. Tutumluer et al. (eds.), Advances in Environmental Vibration
and Transportation Geodynamics, Lecture Notes in Civil Engineering 66,
https://doi.org/10.1007/978-981-15-2349-6_14

215

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-15-2349-6_14&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-15-2349-6_14&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-15-2349-6_14&amp;domain=pdf
mailto:1870139@hcmut.edu.vn
mailto:dangchiliet@gmail.com
https://doi.org/10.1007/978-981-15-2349-6_14


Keywords Fibre-reinforced materials � Columns � Embankments � Soft soils �
Ground improvement � FRLTP � Sustainable civil infrastructure

1 Introduction

Fibre reinforcement has been proved to be effective in improving geotechnical
characteristics of both untreated and cemented soils, such as shear and compressive
strength, bearing capacity, ductility and load-settlement behaviour. The application
of fibre-reinforced soils could be beneficial to construction of embankments over
soft soils because it can maintain its proper strength and bearing capacity when
suffering from larger total and differential settlements. In recent years, a number of
researchers [1–5] conducted physical and numerical investigations on the potential
use of lime/cement-treated soils [1, 3] or industrial waste materials, recycled
fibre-reinforced cemented soils [2] to be adopted as an alternative load transfer
platform (LTP) positioned on top of columns/piles supported embankments. It can
be noted the applications of ground improvement technique using industrial waste
materials such as fly ash [6, 7], bagasse ash [8–10] and recycled fibre-reinforced
cemented soils [11–14] in construction of embankment foundation could be con-
sidered as an eco-friendly, low-cost and green solution for sustainable civil
infrastructure development. This is because it enables to mitigate the harmful effects
of waste materials on the environment.

Okyay and Dias [1] investigated the mechanical characteristics of lime/
cement-stabilised soils used as an LTP using numerical analysis of a unit cell
model. Anggraini et al. [2] studied the performance of a platform made of
lime-fibre-reinforced soil and rigid piles supported embankment over soft soil by
both physical and numerical modelling using a two-dimensional (2D) axisymmetric
unit cell model. However, as a 2D unit cell model scaled down was adopted in their
study, the influences of the lime-fibre reinforced LTP and the group effect of rigid
pile interactions on the lateral deformation, the soil arching effect and the variations
of excess pore water pressure were critically important but not taken into account in
the physical and numerical modelling.

Jamsawang et al. [15] analysed the influence of deep cement mixing
(DCM) columns and cement-stabilised soil mat supported embankment system on
the lateral movement of precast reinforced concrete (PFRC) wall induced by an
adjacent deep excavation based on three-dimensional numerical simulations. The
results of the numerical analysis indicated that a stabilised mat with a thickness of
0.5 m had a considerable influence on the lateral movement of the PFRC wall,
because it tied DCM columns together and behaved as a stiffer unit in resisting
lateral earth pressure and displacement. Nguyen et al. [3] conducted 2D numerical
investigations on the failure pattern of column-supported embankment with
cement-stabilised slab (LTP) by taking the effect of the cement-stabilised slab on
the failure pattern of DCM columns into account. The results of FEA revealed that
the stabilised LTP thickness and compressive strength exhibited notable influences
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on the embankment horizontal displacement. Nguyen et al. [3] reported that the
influences of the stabilised LTP on the yield stress of columns subjected to the
embankment loading were greater for the higher LTP thickness regardless of the
compressive strength. Dang et al. [4] conducted a 2D numerical assessment of fibre
inclusion in LTP as a likely replacement of geosynthetics reinforced traditional
angular LTP and piles to support high embankments founded on soft clay. By
comparing the predicted result of numerical simulations with both the measured and
predicted results, available in the literature, they concluded that the combined use of
FRLTP and piles supported embankments experienced similar engineering char-
acteristics when compared to the geosynthetics reinforced traditional angular LTP
to support embankments with piles. Numerical studies performed by Dang et al.
[16, 17] using a full geometry embankment model emphasised the effects of the
mechanical properties of FRLTP on the overall behaviour of a CS embankment.
The results of their numerical analysis showed that the FRLTP shear strength
properties tend to be the most influential factors and need to be considered in the
design stages of a target CS-FRLTP-embankment system. However, none of these
investigations fully focused on investigating the influence of the FRLTP thickness
on the deformation behaviour of a CS embankment during construction and
post-construction periods.

In this paper, a 2D numerical simulation of floating DCM columns supported
embankment without or with FRLTP, using a full geometry embankment model,
was proposed and conducted to model mechanical behaviour of embankments over
multilayers of soft soils during construction and post-construction periods.
A parametric study on the influences of the FRLTP thickness was also performed to
provide a comprehensive understanding of the deformation behaviour of the
floating columns supported embankment with a varied FRLTP thickness. Some key
parameters to design a CS embankment consisting of the vertical and differential
settlements are evaluated and compared to comprehend the influences of adding
FRTLP with a varied thickness on the time-dependent behaviour of embankments
over multilayered soft soils. The FEA findings will enable geotechnical engineers
and designers to select an appropriate FRLTP thickness based on the
time-dependent performance for a CS embankment reinforced with an FRLTP as
well as aim to enhance the associated design standards and guidelines.

2 Description of Case Study

In this numerical analysis, a 6 m high embankment reinforced with FRLTP and
DCM columns in soft clay layers is considered [16]. The embankment geometry is
shown in Fig. 1, representing only the right half of the domain of the embankment
since the embankment is symmetrical along its centreline. The embankment is
20.8 m wide and 6 m high with a 1V:1.8H side slope. It is made of good quality
soil with cohesion of 20 kPa, a friction angle of 35° and an average unit weight of
19 kN/m3. The embankment is constructed on a 1 m thick fill material as a surface
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layer overlaying an 11 m thick deposit of soft clay. This deposit of soft clay
overlies a 3 m thick stiff clay stratum followed by a 15 m thick sand layer. The
ground-water table is located at a depth of 1 m below the ground surface. Details of
these soil layers are summarised in Tables 1 and 2. A fibre-lime-soil layer [2, 4, 16]
is used in this numerical study and serves as an FRLTP of 1 m that is placed on the
top of DCM columns. The DCM columns with 1.2 m diameter and 10 m length are
introduced to improve soft soils. The columns are arranged in a square grid pattern
with a centre-to-centre distance of 1.9 m. Furthermore, the construction sequence
of the embankment is assumed to be in 0.5–1 m lifts at an average filling rate of
0.06 m/day [17, 18] to a total height of 6 m including the FRLTP with a height of
1 m. Following the completion of embankment construction, the investigated
embankment is left for two years to simulate the consolidation progress.

3 Numerical Modelling

3.1 Finite Element Models and Parameters

A 2D plane strain FEA model incorporated in finite element software PLAXIS 2D
(2017) and the equivalent 2D numerical analysis method proposed by previous
researchers [1, 4, 19, 20] were adopted to model overall behaviour of
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Fig. 1 Schematic representation of a highway embankment supported by FRLTP and DCM
columns in soft soils (not to scale)
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FRLTP-supported highway embankment with DCM columns. The equivalent 2D
FEA model was selected because of less analysis time consuming, while generating
results with reasonable accuracy. The DCM columns were modelled by continuous
plane strain walls of 0.6 m thickness for the entire columns length of 10 m to
maintain the same area of replacement ratio of columns to surrounding soil, taking

Table 1 Material properties of subgrade soil layers used in modified Cam-clay model

Parameters Surface
layer

Soft clay 1 Soft clay 2 Stiff clay

Depth (m) 0–1 1–4 4–12 12–15

Material model MCCa MCC MCC MCC

Unit weight, c (kN/m3) 16 13.4 14.3 18

Poisson’s ratio, m 0.15 0.15 0.15 0.15

Compression index, k 0.25 0.87 0.43 0.12

Swelling index, j 0.025 0.087 0.043 0.012

Over consolidation ratio, OCR 1.5 2.5 1.2 1.0

Slope of the critical state line, M 1.2 1.2 1.2 1.4

Initial void ratio, e0 1.5 3.1 2.49 0.8

Vertical permeability coefficient,
kv (m/day)

6 � 10−4 4.4 � 10−4 4.6 � 10−4 2.5 � 10−3

Horizontal permeability
coefficient, kh (m/day)

9.1 � 10−4 6.6 � 10−4 6.9 � 10−4 2.5 � 10−3

Material behaviour Undrained Undrained Undrained Undrained
aMCC modified Cam-clay

Table 2 Material properties of the embankment, FRLTP, DCM columns and sandy clay strata
adopted in Mohr-Coulomb model

Parameters Sandy clay FRLTP Embankment
fill

Column

Depth (m) 15–30 – – –

Material model MCb MC MC MC

Unit weight c (kN/m3) 19 12.5 19 15

Young’s modulus, E (MPa) 20 125.8 1 100

Poisson’s ratio, m 0.10 0.32 0.40 0.15

Effective cohesion, c′ (kPa) 20 75 20 cu = 500

Effective friction angle, u′ (°) 35 42 35 –

Initial void ratio, e0 0.7 – – –

Vertical permeability
coefficient, kv (m/day)

2.5 � 10−2 – – 4.6 � 10−4

Horizontal permeability
coefficient, kh (m/day)

2.5 � 10−2 – – 4.6 � 10−4

Material behaviour Drained Undrained Drained Undrained
bMC Mohr-Coulomb model, cu undrained cohesion
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into account the equivalent normal stiffness (EA) as implemented by many
researchers [21–23] for numerical simulations of column-supported embankments.
Meanwhile, the centre-to-centre spacing between two adjacent walls in this
numerical simulation was remained the same as the 1.9 m centre-to-centre spacing
between two adjacent DCM columns.

In this modelling, the DCM columns, FRLTP, embankment fill and sandy clay
were modelled as a linear elastic-perfectly plastic material using the Mohr-Coulomb
(MC) model [24, 25]. Meanwhile, the surface, soft soil and stiff clay layers were
represented by modified Cam-clay (MCC) model. The required parameters for the
MC and MCC material models are presented in Tables 1 and 2. It is assumed that
the values of horizontal permeability (kh) are about 1.5 times the corresponding
values of vertical permeability (kv) of the subgrade soils, whereas the horizontal and
vertical permeability of DCM columns and sandy clay are equal. Due to an increase
in embankment load during construction in stages, the hydraulic permeability was
changed owing to the relationship between the void ratio change and the corre-
sponding embankment load. Hence, the permeable change index Ck = 0.5e0 was
adopted in this investigation.

For this 2D simulation, a half-fine mesh was used because of geometrical sym-
metry of the embankment system as presented in Fig. 2. The foundation soil was
taken to 30 m depth from the ground surface to sandy clay stratum. Meanwhile, the
horizontal length of the FEA model was made to be 80 m, which was almost three
times the half-width of the embankment base in order to eliminate the boundary
influence. A detailed description of the vertical and horizontal boundary conditions
can be found in the numerical modelling by Dang et al. [16]. It should be noted that as
the results presented in this paper are part of an ongoing research project of modelling
behaviour of FRLTP and columns supported embankments over soft soils, the pro-
posed FEAmodel for a CS embankment was properly validated. The predicted results
showed a good agreement with the field measurement data reported in the literature.
Hence, the proposed FEA model is suitable for modelling behaviour of CS
embankments built on multilayers of soft soils. Further evaluation of the proposed
model validation could be found in the previous investigation by Dang et al. [16].

4 Analysis Results and Discussion

4.1 Influence of FRLTP Addition on the Maximum
Settlement and the Lateral Displacement

Figure 3 displays the influence of FRLTP addition on the behaviour of columns
supported embankment by comparing the maximum vertical settlement at the
embankment base centre. As illustrated in Fig. 3, when the embankment load
increased, the addition of FRLTP with a height of 1 m combined with CS embank-
ment was generally found to result in a noticeable reduction of the maximum vertical
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settlement as compared to embankment without FRLTP. Inspection of Fig. 3 also
notes that a nonlinear increase in the maximum vertical settlement of the ground
surface was observed for both the embankment without or with FRLTP as the
embankment load increased. However, the maximum vertical settlement was cal-
culated to be larger for the embankment without FRLTP as compared to the
embankment reinforced with an FRLTP with a height of H = 1 m. Moreover, the
maximum settlement difference from embankment without FRLTP to embankment
with FRLTP was found to steadily increase when the load associated with the
embankment fill increased, as shown in Fig. 3. For example, about 30% difference in
the maximum settlement between the embankment without FRLTP and with FRLTP
were calculated at the completion of the embankment construction as evident in
Fig. 3. In other words, by comparing with the embankment without FRLTP, the
introduction of an FRLTP with a thickness of 1 m into the DCM columns supported
embankment system corresponded to a considerable reduction of approximately 30%
of the maximum vertical settlement during the embankment construction stage. The
improvement in the maximum vertical settlement corroborates the effectiveness of
adding FRLTP into the CS embankment system. According to Dang et al. [22], the
maximum vertical settlement was greatly improved with an FRLTP inclusion
because of the enhanced stiffness and the arching effect of the entire embankment
system contributed from the FRLTP insertion. This phenomenon could enable more
of the embankment load to be transferred from soft foundation soil to DCM columns
and consequently reduce the vertical ground surface settlement.

Figure 4 presents the changes of lateral displacement at the column head under
the embankment toe with an increase in the embankment load from 10 kPa to around
120 kPa. By examining Fig. 4, it is noteworthy to state that a nonlinear relationship
between the lateral displacement and the embankment load was visibly observed to
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Fig. 2 Mesh and boundary conditions for a 2D FEM analysis of embankment
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be a predominant mechanism for the CS embankment with or without FRLTP
(H = 1 m). Moreover, as Fig. 4 indicates, the addition of FRLTP into the CS
embankment was found to have a significant influence on the changes of the lateral
displacement. For example, by comparing with the embankment without FRLTP,
the embankment with an FRLTP thickness of H = 1 m was calculated to reduce
approximately 90% of the lateral displacement at the embankment construction end.
Therefore, this finding reveals that the introduction of the FRLTP and DCM columns
supported embankment can be very effective in controlling the embankment lateral
displacement and hence, increase the stability of the entire embankment system
placed on top of multilayers of soft soils. The improvement in the lateral displace-
ment observed for the embankment with FRLTP could have resulted from the
insertion of fibre-reinforced cemented soil to be used as FRLTP. Referring to
Jamsawang et al. [15], the insertion of a stabilised soil mat (e.g. FRTLP) links DCM
columns together from the top part and tends to act as a stiffer unit resulting in the
better resistance to the lateral earth pressure and displacement.

Fig. 3 Influence of adding
FRLTP on the maximum
settlement at the ground
surface under the
embankment base centre

Fig. 4 Influence of adding
FRLTP on the lateral
displacement at the
embankment toe
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4.2 Influence of FRLTP Thickness (H) on the Vertical
Settlement

Figure 5 illustrates the results of the parametric study on the influences of various
FRLTP thickness (height) on the vertical settlement of the floating DCM columns
supported embankment at the construction end and the two years post-construction.
It can be noted that the FRLTP thickness was varied from H = 0 m representing the
embankment without FRLTP to H = 3 m showing the embankment reinforced with
an FRLPT thickness of 3 m. Figure 5 shows that the vertical settlement at the base
of the embankment centre was significantly influenced by the FRLTP thickness.
However, the FRLTP thickness was found to have an insignificant effect on the
changes of the vertical settlement from the construction end to the two years
post-construction cases. To be more specific, as presented in Fig. 5, the vertical
settlements at the construction end were observed to gradually reduce by approx-
imately 40% when the FRLTP thickness increased from 0 to 3 m. Inspection of
Fig. 5 also notes that when the FRLTP thickness increased, a similar pattern of the
vertical settlement reduction was found in both the cases of the construction end
and the two years post-construction. This pattern implies that effect of the FRLTP
thickness on the long-term vertical settlement was negligible. Nonetheless, the
higher settlement was observed in Fig. 5 for the case of the two years
post-construction. The consolidation of the underlying unimproved soil layers
could be mainly responsible for the increased post-construction settlement of the
examined embankment. It is of interest to note that as the greater reduction of the
vertical settlement was predicted for the thicker FRLTP, this finding corroborates
that the thickness of the FRLTP plays a key role in controlling the vertical settle-
ment of the CS embankment reinforced with an FRLTP. It can also be noted that the
thicker FRLTP assists in alleviating the possibility of the FRLTP punching failure
induced by penetration of column heads.

4.3 Influence of FRLTP Thickness (H) on the Differential
Settlement

Figure 6 shows the variation of the construction end and two years
post-construction differential settlements at the embankment base centre in con-
junction with an increase in the FRLTP thickness in a typical range of 0-3 m. It can
be noted that in this numerical simulation, the differential settlement is defined as
the maximum difference in the vertical settlement between the column top and
ground surface in the middle of two adjacent columns. As expected, the differential
settlement was found to significantly decrease as the thickness of FRLTP increased.
For example, when increasing the FRLTP thickness ranging from 0 to 1 m, a
significant reduction of approximately 100% of the differential settlement (almost
zero differential settlement) was observed for both the construction end and the
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two years post-construction cases. Further increase in the height of FRLTP was
noted to cause the differential settlement to remain zero. Moreover, as Fig. 6
indicates, the difference in the embankment differential settlement from the case of
construction completion to the post-construction case was predicted to be consid-
erable when the embankment was not reinforced with an FRLTP (H = 0 m).
Subsequently, the difference in the time-dependent differential settlements became
negligible and converted to almost the same value as the FRLTP thickness
increased further to H = 3 m. Therefore, it is possible to conclude that the FRLTP
thickness was found to have a substantial influence on the time-dependent

Fig. 5 Variations of vertical settlement for different FRLTP thickness at the construction end and
two years post-construction

Fig. 6 Variations of differential settlement for various FRLTP thickness at the construction end
and two years post-construction
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differential settlement of the investigated embankment. The application of FRLTP
with a height of H = 1 m could control the insignificant (almost zero) differential
settlement occurring at the ground surface under the embankment base.

5 Conclusions

An equivalent 2D finite element model of a full geometry embankment was
developed to examine the time-dependent behaviour of floating columns supported
embankment without or with FRLTP. The effect of the FRLTP thickness on the
embankment performance during the construction and post-construction periods
was numerically investigated by a parametric study. The main findings of this study
can be summarised as follows:

• The application of the FRLTP with a height of 1 m combined with DCM
columns supported embankment reduced a great amount of approximately 30%
of the maximum vertical settlement, 90% of the lateral displacement and 100%
of the differential settlement during the construction stage when comparing with
the CS embankment without FRLTP.

• The FRLTP thickness was found to have significant influences on the
time-dependent differential settlements of the investigated embankment.
Whereas its influence on the post-construction vertical settlement was predicted
to be negligible.

• The findings of this simulation indicate that the thickness of the FRLTP plays a
vital role in improving the vertical and differential settlements of the CS
embankment by effectively enhancing the vertical and horizontal stiffness on the
entire embankment system as well as the load transfer mechanism between
DCM columns and surrounding soft soils.

• Finally, it is important to note that this numerical study has provided a deeper
insight into making use of agricultural waste materials (e.g. jute fibre, bagasse
fibre [12–14, 26–28], coir fibre) as reinforcing components of fill materials for
sustainable civil infrastructure construction development.
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Stability Analysis of Fractured Rock
Slopes with Vertical Cracks Subjected
to the Hydraulic Effect Based
on the Hoek–Brown Failure Criterion

Xiao-qing Pi, Lian-heng Zhao, Xiao Cheng and Han-hua Tan

Abstract In this paper, the stability of fractured rock slopes subjected to the
hydraulic effect is studied using the upper bound limit analysis. The Hoek–Brown
failure criterion and the strength reduction technique are introduced to obtain the
expression of the safety factor of slopes considering hydraulic effect. Based on the
nonlinear sequential quadratic programming, the safety factor (Fs) and critical
failure surface for fractured rock slopes are investigated with different groundwater
levels and crack depths. Besides, the detailed parametric analyses of Hoek–Brown
failure criterion (i.e., Geological Strength Index (GSI), the disturbance coefficient
(D) and the material constant (mi) obtained by compression tests) on fractured rock
slopes are carried out. The results show that with an increase in the groundwater
level and crack depth, the Fs of the fractured rock slope gradually decreases. The
nonlinear strength parameters also have significant effect on the slope stability:
As GSI increases, the values of Fs increase significantly; with an increase in D, the
Fs gradually decreases; and with an increase in mi, the Fs gradually decreases when
the groundwater level is low but gradually increases when the groundwater level is
high.
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1 Introduction

In practical engineering, cracked slopes are a common occurrence [1]. The exis-
tence of cracks can reduce the stability of a slope because the cracks in slopes
provide seepage paths for water to flow into the inside of slopes. Then, the rising
groundwater level causes an increase in the pore water pressure and the water
pressure in the cracks, which may lead to the failure of the slope [2, 3]. Therefore, it
is important to study the effects of groundwater levels on the stability of cracked
slopes.

Many studies considered the effects of groundwater level fluctuations on slope
stability. Viratjandr and Michalowski [4] investigated the stability of slopes near a
river by using linear and logarithmic spiral failure surfaces based on the upper
bound limit analysis (UBLA) method and provided a series of calculation charts.
Michalowski [5, 6] approximated the pore water pressure on the failure surface by
introducing a coefficient of pore water. The pore water pressure was considered as
the external force when calculating the energy dissipation. Wang et al. [7, 8], Kim
et al. [9] and Yin et al. [10] explored the effects of the pore water pressure on the
slope stability based on the upper and lower bound finite element limit analysis
theorem. However, the condition of cracks in the slope is always ignored.

Michalowski [1] considered cracks as the part of failure mechanism by calcu-
lating the energy dissipation during crack formation. The influence of cracks on
slope stability was analyzed using the UBLA method. Utili [11] investigated the
effect of water pressure in cracks on the stability of the slope using the UBLA
method, assuming that the water in the cracks would not penetrate into the soil mass
under the cracks. Then, Utili [12] and Michalowski [13] discussed the method used
to assess the stability of cracked slopes, considering both the crack depth and
position described by Michalowski [14]. Deng and Li [2] investigated the stability
of slopes with tensioned cracks under seepage conditions based on the limit
equilibrium theory. The sliding surface in the analysis was assumed to be a linear,
circular and arbitrary curve. Utili [15] and Zhao et al. [16] examined the stability of
homogeneous slopes with cracks subjected to seismic loading by using the UBLA
technique and the pseudo-static method. The charts were obtained for cracks of a
known depth but unknown location, cracks of a known location but unspecified
depth and cracks of an unspecified depth and location.

Regardless of whether the effect of slope surface cracks is considered, the above
studies are based on the assumption that the rock and soil materials are subject to
the linear Mohr–Column (M-C) strength criterion. This assumption is not consistent
with practical engineering, where the material of the rock and soil mass is generally
subject to nonlinear strength characteristics [17–23]. For rock materials, the Hoek–
Brown (H-B) failure criteria [17–19] reflect the rock mass of the inherent charac-
teristic and nonlinear characteristic as well as the rock strength, structural plane
group numbers and effects of the stress state of the rock mass strength. Therefore, a
stability analysis based on the H-B failure criterion is more suitable for practical
engineering. Benz et al. [24] presented a numerical simulation on rock and soil
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slope stability based on the H-B failure criterion but did not consider the influence
of the groundwater level or the crack. Hammah et al. [25] and Zheng et al. [26]
considered the stability of the rock and soil slopes based on the H-B failure cri-
terion. Li et al. [27, 28] investigated the static and dynamic stability of the rock
slopes using the upper and lower bound finite element limit analysis method with
the H-B failure criterion and compared the results with the limit equilibrium method
results. Saada et al. [29] studied the effects of osmotic stress on water-saturated rock
slopes based on the modified H-B failure criterion but did not consider the effects of
the water level fluctuation or the crack. Yang et al. [30] introduced the H-B failure
criterion of the shear strength parameters based on the external tangent method
introduced by Collins et al. [31] and Drescher and Christopoulos [32] and deter-
mined the effect of the pore water pressure on the stability of the rock mass slopes,
but still did not consider the influence of the surface cracks.

Based on the above analysis, this paper primarily aims to extend the previous
works of Michalowski [1, 13, 14], Utili [11, 12] and Zhao et al. [16] by following
the M-C criterion to the H-B criterion and to extend the works of Yang et al. [30]
and Saada et al. [29] to consider the fractured rock slope with vertical cracks. The
influences of the hydraulic effect on the stability of fractured rock slopes with
vertical cracks based on the H-B failure criterion were performed. The safety factor
function was established to consider the effect of pore water pressure on the frac-
tured rock slope with vertical cracks by using the UBLA method and the H-B
failure criterion combined with the strength reduction technology and adopting the
logarithmic spiral failure mechanism. The influences of the groundwater level, the
crack depth and the H-B failure criterion parameters on the Fs of the fractured rock
slopes were investigated. The variation in the associated critical failure surface with
the groundwater level and the crack depth was also studied, and the validity of this
method was verified through comparative analyses.

2 The H-B Strength Criterion

2.1 The Generalized H-B Failure Criterion

Hoek et al. [33] proposed the latest version of expressions of the generalized H-B
(GHB) strength criterion, as follows:

r1 ¼ r3 þ rcðmr3=rc þ sÞn ð1Þ

m ¼ mi exp GSI� 100ð Þ= 28� 14Dð Þ½ � ð2Þ

s ¼ exp GSI� 100ð Þ= 9� 3Dð Þ½ � ð3Þ
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n ¼ 1=2þ 1=6 � ðe�GSI=15 � e�20=3Þ ð4Þ

where r1 and r3 are the maximum and minimum principal stress of the rock; rc is
the uniaxial compressive strength of the rock mass; D is the rock mass disturbance
factor; and the two dimensionless coefficients m and s are related to the lithology
and rock integrity, respectively.

2.2 The UBLA Method Based on the H-B Failure Criterion

The idea of the external tangent of Drescher and Christopoulos [32] and Collins
et al. [31] is shown in Fig. 1, where the H-B failure curve is in r − s space which is
an approximation to that defined in principal stress space [18].

The tangent line is through a single point on the H-B failure curve, and its
intercept on the s-axis is the c value, with the arctangent value of its slope being the
u value. The tangent method is used to establish the relationship between c and u
rather than to determine the strength index of rock mass. Because the c and u values
are related to the normal stress rn of the sliding surface, they vary according to with
different rn values in different positions of the foundation. Accordingly, the c and u
are instantaneous values and not constants, named ct and ut. The shear failure
envelope can be determined by the following two formulae [31, 32]:

s
rc

¼ cosut

2
mn 1� sinutð Þ

2 sinut

� � n
1�n

ð5Þ

rn
rc

¼ 1
m

þ sinut

mn

� �
mn 1� sinutð Þ

2 sinut

� � 1
1�n

þ s
m

ð6Þ

where s and rn are the shear stress and tangential stress of the H-B envelope line
and ut is the angle between the tangent line at a point and the horizontal line. The
relationship between the ct and the ut can be expressed as

Fig. 1 Diagram of the H-B
failure criterion
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s ¼ ct þ rn tan/t ð7Þ

Further, the relationship between ct and ut can be written in the following form:

ct
rc

¼ cosut

2
mn 1� sinutð Þ

2 sinut

� � n
1�n

� tanut

m
1þ sinut

n

� �
mn 1� sinutð Þ

2 sinut

� � 1
1�n

þ s
m
tanut ð8Þ

where the nonlinear shear strength index ut is unknown in the calculation of the
upper bounds, which can reflect the instantaneous change in the tangent, and the ct
to be obtained by Eq. (8) is unknown. Their final values are optimized by the
principle of minimum energy consumption.

2.3 The Strength Reduction Technique Based
on the H-B Failure Criterion

Based on the tangent equation of the H-B failure criterion, using the shear strength
reduction technique, strength indexes through the reduction are expressed as

cf ¼ ct=Fs

uf ¼ arctan tanut=Fsð Þ
�

ð9Þ

where the nonlinear shear strength parameter ut is an unknown parameter in the
upper limit calculation and ct is obtained by Eq. (8).

3 Stability Analysis of the Fractured Rock Slopes
with Vertical Cracks Subjected to the Hydraulic
Effect Based on the H-B Failure Criterion

Generally, the stability analysis method for analyzing the effects of the pore water
pressure on rock slopes can be divided into the following two categories: (1) rea-
sonably simplifying the seepage flowing net and the saturation line to calculate the
pore water pressure [2, 7, 8] and (2) considering the pore pressure to be the
component of the overburden pressure such that the pore water pressure coefficient
can be introduced [4–6, 11, 14]. Viratjandr and Michalowski [4] discussed four
types of water drawdown situations (sudden, gradual, slow and steady drop) and
gave the formula of work rate of the pore water pressure of the slope near rivers as
follows:
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Wu ¼ cwr
3
0xf5 ð10Þ

where cw is the bulk density of water, r0 is the polar diameter of the starting point of
the logarithmic spiral failure line, x is the angular acceleration of the sliding mass
around the center of rotation, and f5 is a function related to work rate done by the
groundwater.

This paper adopted the pore water pressure calculation method of Viratjandr and
Michalowski [4] to simplify the actual hydraulic gradient distribution by assuming
the vertical potential line. The assumption ensured conservative calculation results
and safer designs.

3.1 Failure Mechanisms of Fractured Rock Slopes
with Vertical Cracks

For the sake of simplification of calculation, cracks were assumed vertical at the top
of slopes (EF in Fig. 2), following the assumption by Utili [11] and we analyzed the
failure mechanisms with the logarithmic spiral line beneath the toe of slopes, as
shown in Fig. 2, including the two cases of water-filled cracks (Fig. 2a) and dry
cracks (Fig. 2b).

The various symbols used in Fig. 2 are as follows: W, the gravity of the sliding
mass; Fw, the concentrated force of water in the cracks; Fp, the pore water pressure;
z1, z2 and z3, the vertical distances between the slope water level and the sliding
surface in the three regions; H, the slope height; b, the slope angle; d, the crack
depth; dw, the water level in the crack; h, the vertical distance from the groundwater
level to the slope toe; l, the horizontal distance from the crack to the point E of the
slope edge; L1, the horizontal distance from point E to point F; L2, the horizontal
distance from the crack to point F; h0, hh and b′, angle parameters of the failure
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mechanism; h1–h3, angle parameters of the groundwater levels; hc, the angle related
to the cracks; x, the angular acceleration of the sliding mass around the center of
rotation; r0 and rh, the polar diameters of the logarithmic spiral line; and P, the
center of rotation.

The geometric relationship of the failure mode is as follows:

L1
r0

¼ sinðhh � h0Þ
sin hh

� eðhh�h0Þ tanu sin hh � sin h0
n o sinðhh þ b0Þ

sin b0 sin hh
ð11Þ

L2
r0

¼ sinðhc � h0Þ
sin hc

� cos hc
sin hc

eðhc�h0Þ tanu sin hc � sin h0
n o

ð12Þ

Due to the assumption of the failure mechanisms through the bottom of the
cracks, the crack depth d and location l are not independent of each other. When the
crack depth is known, hc can be determined by the unknown h0, b′ and hh, as can l.

etanut�hc sin hc ¼ etanut �h0 sin h0 1� d
H

� �þ d
H e

tanut�hh sin hh

l=H ¼
sinðhh � h0Þ

sin hh
� eðhh�h0Þ tanut sin hh � sin h0
h i

� sinðhh þ b0Þ
sin b0 sin hh

� cos h0 � eðhc�h0Þ tanut cos hc
h i

8>><
>>:

9>>=
>>;
= H
r0

8>>>>><
>>>>>:

ð13Þ

3.2 Work Rate of the External Force

The work rate of the external force includes the work rate of gravity Wr, the work
rate of the water pressure in the crack Ww and the work rate of the pore water
pressure Wu.

Work rate of gravity. The work rate of gravity is calculated by the work rate of
the soil weight in the area of PFD′ minus those in PEFPED′, EDD′ and BCF. The
last is equal to the work rate of soil weight in the area of PFC minus those in PFB
and PBC.

Wr ¼ xcr30ðf1 � f2 � f3 � f4 � p1 þ p2 þ p3Þ ð14Þ

where f1– f4 and p1–p3 are functions related to a, h0, hc, hh, b, b′ and ut, whose
specific expressions are presented in Appendix.

Work rate of the pore water pressure. The work rate of the pore water pressure is
calculated using the integral method. The groundwater level determines the work
rate of the water pressure in the crack and the integral range of the work rate of the
pore water pressure. Both of these work rates are discussed in the two cases of
0 � H − h � d and H − h > d, which are divided by the groundwater level in
the bottom of the crack.
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The expressions of z1, z2 and z3 (Fig. 2) are easily obtained from the geometric
relation and are as follows:

z1
r0
¼ eðh�h0Þtanut sin h� eðh1�h0Þtanut sin h1

z2
r0
¼ eðh�h0Þ tanut sin h� eðhh�h0Þ tanut sin hh
þ eðh�h0Þ tanut cos h� eðh3�h0Þ tanut cos h3
� �

tan b
z3
r0
¼ eðh�h0Þ tanut sin h� eðhh�h0Þ tanut sin hh

8>>><
>>>:

ð15Þ

The angle parameters h1, h2 and h3 are expressed as

sin h1eðh1�h0Þtanut ¼ sin h0 þðH � hÞ=r0
cos h2eðh2�h0Þtanut ¼ cos h0 � L1=r0 � ðH � hÞ=r0 cot b
cos h3eðh3�h0Þtanut ¼ cos h0 � L1=r0 � H=r0 cot b

8<
: ð16Þ

1. 0 � H − h � d

When 0 � H − h � d, the groundwater level is higher than the bottom of the
crack, the work rate of the water pressure in the crack should be considered, and the
integral starting point of the work rate of the pore water pressure is the angle hc, as
shown in Fig. 2a.

(1) Work rate of water pressure in the crack

Considering the water pressure in the crack as a concentrated force, the
expression by its work rate is as follows:

Ww ¼ cwxr
3
0 fw ð17Þ

where

fw ¼ 1
2

dþ h� H
r0

� �2

� eðhc�h0Þtanu sin hc � 1
3
dþ h� H

r0

� �
ð18Þ

When the crack is full of water, h1 is equal to h0 in Eq. (16), and h is equal to
H in Eq. (18).

(2) Work rate of the pore water pressure

The method of Viratjandr and Michalowski [4] for calculating the work rate of
the pore water pressure was adopted, as follows:

Wu ¼ cx � r30 � x � tanu � f 1 þ f 2 þ f 3
� � ð19Þ

The work rate of the pore water pressure can be obtained by the integral method;
namely, f 1, f 2 and f 3 in Eq. (19) can be expressed by other parameters, as follows:
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f 1 ¼
Z h2

hc

z1
r0
e2ðh�h0Þtanut dh ð20Þ

f 2 ¼
Z h3

h2

z2
r0
e2ðh�h0Þtanut dh ð21Þ

f 3 ¼
Z hh

h3

z3
r0
e2ðh�h0Þtanut dh ð22Þ

Specific calculation results of f 1
–f 3 are presented in Appendix:

2. H – h > d

When the groundwater level is lower than the bottom of the crack, the work rate
of the water pressure in the crack Ww is zero, and the integral starting point of the
work rate of the pore water pressure is the angle h1, as shown in Fig. 2b. The
calculation formula of the pore water pressure is nearly the same for Eq. (19), only
with the f 1 changing into f 1*, expressed as

f 1� ¼
Z h2

h1

z1
r0
e2ðh�h0Þtanut dh ð23Þ

The specific calculation result of f 1* is presented in Appendix:

3.3 Inner Energy Dissipation Rate

For the energy analysis method, the internal energy dissipation rate only contains
the energy dissipation rate of the soil mass at the intersection CD′. Further, D′
coincides with the D when the failure surface is through the toe of the slope. The
internal energy dissipation rate is

Wd ¼ ctxr
2
0
e2 tanut hh�h0ð Þ � e2 tanut hc�h0ð Þ

2 tanut
ð24Þ

3.4 Safety Factor

According to the principle of virtual work, the objective function can be obtained by
equating the inner energy dissipation rate with the work rate of the external force:

Ww þWu þWr ¼ Wd ð25Þ
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Based on the H-B failure criterion, using the shear strength reduction technique,
the strength indexes through the reduction are expressed as Eq. (10). Then, the Fs
of the slope can be obtained:

FS ¼ cf
cH

e2 tanuf hh�h0ð Þ � e2 tanuf hc�h0ð Þ

2 � tanuf f1 � f2 � f3 � f4 � p1 þ p2 þ p3 þ cw
c � tanuf � f 1 þ f 2 þ f 3ð Þþ cw

c � fw
n oH

r0

ð26Þ

where the internal friction angle ut and the cohesion ct in the f1–f4, p1–p3, f
1
–f 3 and

fw are replaced by uf and cf.
The Fs is considered as the objective function, and its minimum value is opti-

mized by the sequential quadratic programming method to obtain the failure
mechanism and crack location.

4 Verification Calculation and Analysis

4.1 Comparisons of the Homogeneous Slopes Based
on the H-B Failure Criterion

Three available cases (Benz et al. [24], Hammah et al. [25] and Zheng et al. [26]) of
homogeneous slopes without cracks are used to verify the reliability of the H-B
failure criterion for the stability analysis method of the rock slopes. The detailed
parameters used in these cases are presented in Table 1. The comparisons of the
present results with the available results from the three works noted above are
shown in Table 2.

The comparison shows that when this paper adopts the tangential method to
introduce the shear strength parameters of the H-B failure criterion, the errors
between this method and the existing various calculation methods are small, with
the maximum error being less than 6%. When using the EMC failure criterion, the
errors between this method and the existing various calculation methods are also
small, with the maximum error being less than 8%. Thus, the comparison calcu-
lation verifies the applicability of the calculation method in this paper.

In addition, the upper and lower bound finite element method of Li et al. [27, 28]
is used to verify the reliability of the present method. In theory, when the basic
parameters of the rock slopes are fixed and the stability evaluation index reaches the
mean critical stability coefficient (N) of the upper and lower bounds defined by Li
et al. [27, 28], the Fs of rock slopes should be 1.0. Based on the same parameters of
the generalized H-B failure criterion, the calculated results of five examples are
compared, as shown in Table 3.
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The comparison shows that under all circumstances, the Fs values obtained in
this paper were slightly larger than the lower limit of the finite element calculation
results, and the maximum absolute error is no more than 6.0%. The statement of Li
et al. [27, 28], “Mean results of the upper and lower bound finite element limit
analysis method can bound the true stability coefficient (N) within ± 9% of the
upper and lower solution,” which means the upper solutions of Li et al. [27, 28] are
no more than 9% larger than the lower solutions, shows that the method presented
in this paper has the equivalent precision, thus proving that this method is effective.

4.2 Comparisons of Homogeneous Slopes Full of Water
Based on the H-B Failure Criterion

Considering the effect of pore water pressure, the present results are compared with
those of Saada et al. [29] under the condition of non-fractured rock slopes to further
verify the reliability of this method. The parameters used in Saada et al. [29] were:
b = 60°, c = 20 kN/m3, rc= 10 Mpa, GSI= 30, D = 0.0, mi = 17, H = 6–20 m,
and the pore water pressure coefficient rp values were 0.1 and 0.2, respectively. The
present method uses cw/c to express rp in the non-fractured rock slopes full of water,
adopting the definition of the safety factor (C) in Saada et al. [29] (that is, the ratio
between the maximum resistance and the external force). The present results are
compared with those of Saada et al. [29], as shown in Fig. 3. The results show that

Table 2 Comparisons of the Fs between the present results and the common approach solutions
based on the H-B failure criterion

Cases Available results This paper

Bishop FEM Spencer UBLA

EMC EMC GHB EMC EMC GHB

Benz et al. [24] 1.37 1.37 1.51 – 1.374 1.424

Hammah et al. [25] 1.153 1.15 1.15 1.152 1.159 1.18

Zheng et al. [26] – 1.1 1.06 1.08 0.999 1.001

Note the FEM is the finite element method

Table 3 Comparisons between the Fs of the present results and solutions by the upper and lower
bound finite element method for the limit analysis based on the H-B failure criterion

b GSI mi rc/c
H

Li et al. [27, 28]
(LBFEM)

Li et al. [27,
28] (SLIDE)

Present
study

Maximum
error (%)

75 70 35 0.717 1.0 1.016 1.032 3.2

60 70 35 0.200 1.0 1.005 1.038 3.8

45 70 15 0.176 1.0 1.012 1.046 4.6

30 70 15 0.075 1.0 1.023 1.060 6.0

15 70 15 0.026 1.0 1.010 1.060 6.0
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in the two cases, the results of this paper are slightly smaller than those calculated
by Saada et al. [29], which indicates the results calculated using this method are
closer to the real upper bound results.

5 Parametric Analysis

In this section, the influences of different parameters on the Fs and the potential slip
surface of the fractured slopes subject to the hydraulic effect under the H-B failure
criterion are analyzed.

5.1 Influence of the Groundwater Level and H-B Failure
Criterion Parameters on the Fs

Considering the influence of the groundwater level and the H-B failure criterion
parameters on the slope stability, Figs. 4, 5 and 6 present the changes in the Fs for
various case parameters, as shown in Table 4.

Figures 4, 5 and 6 illustrate that the Fs of the slope decreases with the under-
ground water level and the value of D increasing or the GSI decreasing. For these
cases as shown in Fig. 5, when the mi increases, the Fs decreases at a growing rate
when the groundwater level is high (h > 0.4H) and increases at a reducing rate

Fig. 3 Comparisons of the safety factor (C) of the slopes subjected to the hydraulic effect based
on the H-B failure criterion
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(a) δ/H=0.1 (b) δ/H=0.3

Fig. 4 Influence of the groundwater level and GSI on the Fs

(a) δ/H=0.1 (b) δ/H=0.3

Fig. 5 Influence of the groundwater level and mi on the Fs

(a) δ/H=0.1 (b) δ/H=0.3

Fig. 6 Influence of the groundwater level and D on the Fs
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when the groundwater level is low (h < 0.4H). The effect of the groundwater level
is not discernible, especially with the high GSI. Moreover, when the GSI increases,
the Fs exhibits a significant upward trend. It is found that the changes in the Fs
level off when both the D value and the groundwater level are high.

5.2 Influence of the Crack Depth and H-B Failure Criterion
Parameters on the Fs

Considering the influence of the crack depth and H-B failure criterion parameters
on the slope stability, Figs. 7, 8 and 9 present the changes in the Fs for various case
parameters, as shown in Table 5.

Figures 7, 8 and 9 illustrate that the Fs of the slope decreases with the crack depth
and the D increasing or the GSI decreasing. The effect of the crack depth is less
significant than that of the other parameters. For the cases as shown in Fig. 8, when

Table 4 Calculation parameters

Serial
number
of figure

a (°) b (°) H (m) c
(kN/m3)

cw
(kN/m3)

rc
(Mpa)

GSI mi D h/H d/H

Figure 4a 0 60 10 26 10 40 10–70 10 0 0–1 0.1

Figure 4b 0 60 10 26 10 40 10–70 10 0 0–1 0.3

Figure 5a 0 60 10 26 10 40 30 7–25 0 0–1 0.1

Figure 5b 0 60 10 26 10 40 30 7–25 0 0–1 0.3

Figure 6a 0 60 10 26 10 40 30 10 0–1 0–1 0.1

Figure 6b 0 60 10 26 10 40 30 10 0–1 0–1 0.3

(a) h/H=0.3 (b) h/H=0.8

Fig. 7 Influence of the crack depth and GSI on the Fs
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(a) h/H=0.3     (b)`h/H=0.8

Fig. 8 Influence of the crack depth and mi on the Fs

(a) h/H=0.3 (b) h/H=0.8

Fig. 9 Influence of the crack depth and D on the Fs

Table 5 Calculation parameters

Serial
number
of figure

a (°) b (°) H (m) c
(kN/m3)

cw
(kN/m3)

rc
(Mpa)

GSI mi D h/H d/H

Figure 7a 0 60 10 26 10 40 10–70 10 0 0.3 0.0–0.3

Figure 7b 0 60 10 26 10 40 10–70 10 0 0.8 0.0–0.3

Figure 8a 0 60 10 26 10 40 30 7–25 0 0.3 0.0–0.3

Figure 8b 0 60 10 26 10 40 30 7–25 0 0.8 0.0–0.3

Figure 9a 0 60 10 26 10 40 30 10 0–1 0.3 0.0–0.3

Figure 9b 0 60 10 26 10 40 30 10 0–1 0.8 0.0–0.3
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the mi increases, the Fs decreases when the groundwater level h = 0.8H (>0.4H) and
generally increases when the groundwater level h = 0.3H (<0.4H), which is con-
sistent with the analysis presented above.

5.3 Influences of the Groundwater Level and Crack Depth
on the Slope Critical Failure Surface

The influences of the groundwater level and crack depth on the critical failure
surface of the slope are studied in this section.

For the cases of Fig. 4a, b, with a fixed GSI = 30 in Table 4, the influences of
the groundwater level on the critical failure surface of the slope and the corre-
sponding failure mechanisms are studied, as shown in Fig. 10. With the increase in
the groundwater level, the critical crack gradually expands to the edge of the slope
but moves away from the edge of the slope when the groundwater level is elevated
to the crack position. Even with this observation, the general trend of the failure
domain is gradually reduced.

For the cases of Fig. 7a, b, with a fixed GSI = 30 in Table 5, the influences of
the crack depth on the critical failure surface of the slope and the corresponding
failure mechanisms are studied, as shown in Fig. 11. With the increase in the slope
crack depth, the critical crack edge gradually moves toward the edge of the slope,
which means that the failure surface gradually moves closer to the slope surface and

(a) δ/H = 0.1 (b) δ/H = 0.3

Fig. 10 Influence of the groundwater level on the slope critical failure surface
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the damage area gradually decreases. Moreover, when the crack extends to the
groundwater level and the crack is filled with water, the effect of crack depth
becomes less significant.

6 Discussion

The H-B failure criterion assumes that the rock mass is isotropic, and as an analysis
object, the slope rock mass must be isotropic as well. The rock mass can be divided
into three groups according to the condition and the number of group of the
structural surface. Group 1 is intact rock, Group 2 is rock containing a small amount
(one or two sets of different directions) of joint surfaces, and Group 3 is rock
containing a large amount (four groups and above) of joint surfaces. According to
the scope of application of the Hoek–Brown failure criterion, when the rock mass is
intact rock with no structural surface, jointed or fractured rock mass with four (or
more) joint surfaces which are on the equivalence scale, in equal space and at the
same level of strength, or weak rock with low strength, the rock mass could be
regarded as an isotropic and homogeneous rock mass meeting the hypothesis of
homogenization and equivalent continuum, which can be directly applied to the
H-B failure criterion.

δ/H=0.1
δ/H=0.2

δ/H=0.3

P

P

δ/H=0.1
δ/H=0.2

δ/H=0.3

(a) h/H=0.3 (b) h/H=0.8

Fig. 11 Influence of crack depth on the slope critical failure surface

246 X. Pi et al.



This paper carried out the upper bound limit analysis based on the assumption of
plastic mechanics of rock and soil. As for complete rock mass with no structural
surface, if considering the existence of fracture characteristics in the rock mass, it is
necessary to determine whether the intact rock mass belongs to the plastic mode and
to analyze the fracture development and its corresponding characteristics of energy
consumption. The process is so complicated that the method in this paper is not
applicable to the stability analysis of intact rock mass.

It has been shown that the H-B failure criterion could be directly applied to the
jointed and fractured rock mass with four (or more) joint surfaces which are on the
equivalence scale, in equal space and at the same level of strength and weak rock
with low strength. Considering the fact that the multiple or multiple directional
structure surfaces in the rock mass may have a direct effect on the distribution of
fractures, this paper only studies the fractured slopes due to the characteristics of the
distribution of slope cracks. In the meantime, this paper assumes that the cracks are
developed vertically with known depth; thus, the analysis of the influence of crack
depth and hydraulic conditions is simplified. The specific conditions such as crack
inclination or the unknown crack depth are worthy of further studies.

7 Conclusions

(1) The safety factor formula of the fractured rock slope with vertical cracks under
the effect of pore water pressure was obtained based on the H-B failure crite-
rion. The influences of the groundwater level, crack depth and H-B failure
criterion parameters on the Fs of the fractured rock slopes were investigated.

(2) When the groundwater level and crack depth increased, the Fs of the fractured
rock slope gradually decreased. When the GSI increased, the Fs of the fractured
rock slope significantly increased. When the D increased, the Fs of the fractured
rock slope gradually decreased. When the mi increased, the Fs gradually
decreased when the groundwater level was low but gradually increased when
the water level was higher.

(3) When the groundwater level and crack depth increased, the critical crack
gradually moved to the edge of the fractured rock slope but moved away when
the groundwater level rose to the crack position. Even with this observation, the
general trend of the failure domain is gradually reduced.
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Appendix

f1 ¼ e3 hh�h0ð Þ tanut 3 tanut cos hh þ sin hhð Þ
h

� 3 tanut cos h0 � sin h0�
	
3 1þ 9 tan2 ut

� � ð27Þ

f2 ¼ 1
6
sin h0

L1
r0

2 cos h0 � L1
r0

� �
ð28Þ

f3 ¼ 1
6
e hh�h0ð Þ tanut sin hh � h0ð Þ � L1

r0
sin hh

� �
cos h0 � L1

r0
þ e hh�h0ð Þ tanut cos hh

� �

ð29Þ

f4 ¼ 1
2

H
r0

� �2

cot b0 � cot bð Þ cos h0 � L1
r0

� 1
3
H
r0
ðcotb0 þ cotbÞ

� �
ð30Þ

p1 ¼ e3 tanut hc�h0ð Þ 3 tanut cos hc þ sin hcð Þ�
h

3 tanut cos h0 � sin h0�
	
3 1þ 9 tan2 ut

� �
ð31Þ

p2 ¼ 1
6
sin h0

L2
r0

2 cos h0 � L2
r0

� �
ð32Þ

p3 ¼ 1
3
e2 tanutðhc�h0Þ cos hcð Þ2 etanutðhc�h0Þ sin hc � sin h0

n o
ð33Þ

f 1 ¼ e3 tanut h2�h0ð Þ 3 tanut sin h2 � cos h2ð Þþ e3 tanut hc�h0ð Þ
h

ðcos hc � 3 tanut sin hcÞ�
	

1þ 9 tan2 ut

� �
� sin h1
2 tanut

eð2h2�3h0 þ h1Þ tanut � eð2hc�3h0 þ h1Þ tanut


 � ð34Þ

f 2 ¼ 3 tanut sin h3 � cos h3ð Þ½ e3ðh3�h0Þ tanut

þ e3ðh2�h0Þ tanutðcos h2 � 3 tanut sin h2Þ�= 1þ 9 tan2 ut

� �
� sin hh
2 tanut

eð2h3 þ hh�3h0Þ tanut � eð2h2 þ hh�3h0Þ tanut

h i

þ tan b 3 tanut cos h3 þ sin h3ð Þ½ e3ðh3�h0Þ tanut

� e3ðh2�h0Þ tanutðsin h2 þ 3 tanut cos h2Þ�= 1þ 9 tan2 ut

� �
� cos h3 tan b

2 tanut
e3ðh3�h0Þ tanut � eð2h2 þ h3�3h0Þ tanut

h i

ð35Þ
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f 3 ¼ 3 tanut sin hh � cos hhð Þ½ e3ðhh�h0Þ tanut

þ e3ðh3�h0Þ tanut ðcosh3 � 3 tanut sin h3Þ�= 1þ 9 tan2 ut

� �
� sin hh
2 tanut

e3ðhh�h0Þ tanut � eð2h3 þ hh�3h0Þ tanut

h i ð36Þ

‘

f 1� ¼ 3 tanut sin h2 � cos h2ð Þ½ e3ðh2�h0Þ tanut þ e3ðh1�h0Þ tanut ðcos h1 � 3 tanut sin h1Þ�
1þ 9 tan2 ut

� sin h1 eð2h2�3h0 þ h1Þ tanut � e3ðh1�h0Þ tanut
� 

2 tanut

ð37Þ
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Permanent Deformation Behavior
of Coarse-Grained Residual Subsoil
Under Large Amplitude Loading Cycles

Xiao-bin Chen, Liguo Chen and Jiasheng Zhang

Abstract Traffic-load-induced deformations in a subgrade occur due to long-term
loading and unloading cycles. Residual soils with coarse-grained gradation have
been extensively used as subgrade soil in the mountainous region of China. It is of
practical value to study the permanent deformation behavior of coarse-grained
residual soils subjected to different cyclic stress ratios (CSRs) under their optimal
moisture content conditions. This paper presents an experimental investigation of
the effect of the CSR on the accumulative deformation behavior of a residual soil as
well as field tests on the traffic-load-influenced depths in a case subgrade. A series
of large-scale monotonic triaxial (TX) tests and large-scale cyclic TX tests, wherein
50,000 loading cycles were applied, were conducted under optimal moisture con-
tent conditions. An increasing CSR increases the breakage of the coarse-grained
particles. The values of the particle breakage under monotonic loading conditions
are compared to corresponding values under cyclic loading conditions using the
Hardin relative breakage index. For the cyclic TX tests, the long-term cyclic loading
produces a >1.5-times greater Hardin breakage index compared to the values
obtained from monotonic TX tests. The obtained experimental results show that an
increasing CSR increases the cumulative strain but, in contrast, decreases the
resilient modulus. The CSR primarily shapes the strain–stress curves obtained from
the cyclic TX tests. Based on the laboratory results, a cumulative strain prediction
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formula, as well as a formula for the prediction of the steady resilient modulus, was
established. The field tests were also involved in the case study on accumulative
deformation prediction. Consequently, the traffic-load-influenced depths were
identified, and an empirical method for predicting traffic-load-induced deformation
was established for this residual soil subgrade. The magnitude of the CSR, the
number of traffic-loading cycles, and the in situ confining pressure are considered in
the empirical method. Good agreement between the predicted deformation and the
measured deformation indicates the feasibility of this method. The intensity of
dynamic stresses on the subgrade surface and the attenuation law of the dynamic
stresses along with the subgrade depth were also discussed. The findings are
expected to improve our understanding of the permanent deformation behavior of
coarse-grained residual soil under optimal moisture content conditions when sub-
jected to long-term traffic loading.

Keywords Cyclic loading � Coarse-grained subsoil � Residual soil �
Traffic-influenced depth � Accumulative deformation � Large-scale TX

1 Introduction

Residual soil is widely distributed, especially in the mountainous regions of the
Hunan Province of China [1, 2]. Blight and Leong [3] noted that residual soil is a
soil-like material, derived from the weathering and decomposition of rock frag-
ments that have not been transported from its original location. Therefore, the
properties of residual soil depend on the properties of the parent rock and the
weathering conditions. The tested local residual soil derives from local red mud-
stone and has been extensively used as the subsoils of expressways under optimal
moisture content conditions. The local red mudstone belongs to soft rock, which
commonly has uniaxial compressive strengths of less than 15 MPa and a density of
less than 2.65 g/cm3. When naturally weathered, this mudstone breaks into blocky
flakes and eventually into residual coarse-grained soil, which is often used as fills
when constructing embankments in mountainous regions in China. As expected, the
subgrade of an expressway subjected to traffic-loading cycles results in unwanted
deformation. Due to its coarse-grained gradation and the insufficient studies on this
local residual subsoil, the long-term deformation of red mudstone residual subsoil
remains unknown. It is therefore of great practical relevance to investigate the
cyclic deformation behavior of the local residual subsoil under optimal moisture
content conditions.

The literature includes numerous studies on soils subjected to cyclic loading,
including [4–16] small-scale cyclic triaxial (TX) tests have become a common
testing setup for investigating the cyclic behaviors of fine-grained soils under sat-
urated conditions [17–20]. Several permanent strain prediction methods have been
proposed for fine-grained subsoil. For instance, Li and Selig [21] improved the
documented methods in the literature for predicting the cumulative deformation of
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fine-grained subgrade soil under cyclic loads. Chai and Miura [5] developed an
empirical equation for the permanent strain evaluation of sensitive clay subsoil;
they found that the traffic-load-influenced depth was approximately 6 m. Hatanaka
et al. [22] presented the results of a series of laboratory tests on in situ sandy soils to
investigate the accumulative deformation. Cui et al. [6] analyzed the critical cyclic
stress ratio (CSR) for alluvial silt subsoil based on in situ tests to simulate the
permanent deformation of traffic-load-induced depths. Guo et al. [23] studied the
long-term deformation behavior of saturated soft clays using a type of undrained
cyclic loading test, and an empirical formula for permanent strain as a function of
the number of cycles, cyclic stress amplitude and confining pressure were estab-
lished. Wichtmann and Triantafyllidis [24] focused on the accumulative deforma-
tion due to the stress relaxation of average effective stresses when cyclic loading
was applied under undrained TX conditions. Empirical methods used to determine
long-term cyclic load-induced deformation have been established using the
cumulative shear strain of fine-grained soils in their saturated conditions.

Due to the different gradation forms of fine-grained soils, the properties of
coarse-grained soils have become an interest of researchers. Studies have been
conducted on the properties of coarse-grained soils using large-scale laboratory
tests and full-scale field tests [25–32]. Pitman et al. [29] investigated the effect of
the coarse grain content on soil porosity. Vallejo and Mawby [31] studied the shear
strength at different coarse grain contents using large-scale TX tests. Lade et al. [28]
investigated the effect of the coarse grain content on the collapsibility of a granular
mixture. Elias and Titi [33] investigated the correlations between the resilient
modulus and the basic properties of various Wisconsin coarse-grained subgrade
soils using repeated load TX testing. Dash and Sitharam [26] investigated the
stress–strain relationships of coarse-grained soil, the critical state characteristics of
which were the focus of Bandini and Pham [25]. Trani and Indraratna [34] esti-
mated the limitation of the Kozeny–Carman formula by computing the parameters
of hydraulic conductivity for fully saturated granular materials. Zhao and Zhang
[32] conducted drained and undrained TX tests on several widely graded soils with
different coarse contents at low confining stresses. They found that the soil
microstructure changes from a fine-controlled structure to a coarse-controlled
structure beyond a critical coarse content of *70%. Ban and Park [35] conducted
repeated-load resilient modulus-deformation tests on coarse-grained subgrade soils
mixed with various stabilizers to investigate the strength and deformation charac-
teristics of modified soil mixtures. The large-scale cyclic setups were also used to
investigate and model coarse-grained granular materials and residual soils [36–38].
The loading-induced deformation of coarse-grained subsoil has been highlighted by
several laboratory studies and numerical simulations [39–41]. Karg and Haegeman
[42] presented an experimental investigation of strain accumulation in granular soils
due to dynamic loading during long-term cyclic loading, therein illustrating the
parameters that influence strain accumulation. Craciun and Lo [43] presented a
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cyclic TX testing system and associated experimental techniques that overcome the
challenges of testing unbound granular base materials as unsaturated soils.
Considering the stress state, the void ratio, and the dynamic loading amplitude,
Karg et al. [44] proposed a cumulative deformation model for granular
non-cohesive soils at small strain levels. Trinh et al. [13] studied the mechanical
behavior of fouled ballasts in the laboratory using a large-scale TX cell. Each
specimen was reconstituted to a dry density of 2.01 kg/m3 at three water contents
(4, 6, and 12%) corresponding to saturation degrees of 32, 48, and 100%,
respectively. The authors set up a constitutive model for permanent deformation
that accounts for the stress level, the number of cycles, and the soil water content.
The deformation behavior of coarse-grained materials depends on their grading, and
the deformation of coarse-grained granular materials is the result of densification/
dilation, distortion, and attrition [45]. A number of deformation prediction methods
have been proposed for coarse-grained soil and granular materials, namely
empirical equation methods, numerical methods, and equivalent static loading
methods. Most empirical equations have been derived based on an empirical
relation between permanent deformations (or strains) and the number of load cycles
at a particular stress state (i.e., [46–49]. Among them, the power equation proposed
by Monismith et al. [50] and the model developed by Li and Selig [21] have been
widely used for cohesive soil under repeated loading. Most empirical functions are
limited in terms of predicting cumulative deformation under a given confining
pressure because the model parameters ignore the influence of the confining
pressure on the cumulative strain. The confining pressure strongly influences the
permanent deformation of specimens in TX tests. Moreover, most of the tested
coarse-grained materials are in saturated conditions. A challenge could be
encountered when the documented methods are used to predict the permanent
deformation of residual subsoil under optimal moisture content conditions.

Although few empirical methods and numerical methods have been proposed to
predict the permanent deformation behavior offine-grained soils, an ideal standard for
extended usage has yet to be developed due to the variations in soil properties (i.e., the
gradation and the moisture content). Most such soils are saturated clay, silty sands, or
silty clay. Commonly, the numbers of loading cycles in the TX are very limited, i.e.,
the limited number of cycleswas nomore than 1000.A large number of loading cycles
are particularly important for the deformation behavior of subsoils on site.Wichtmann
and Triantafyllidis [24] found that a high cyclic loading (large number of cycles, i.e.,
N � 1000) may lead to strain accumulation or stress relaxation in the soil even
though the strain amplitude is small. Local red mudstone residual soil has been
extensively used as subsoils under optimal moisture content conditions, and its gra-
dation is far different from that of fine-grained subsoils. However, studies on the
deformation behavior of residual subsoils subjected to long-term cyclic loading have
not been sufficiently documented. The use of these documentedmethods to predict the
permanent deformation of residual subsoil under optimal moisture content conditions
is not acceptable. It has been documented that the cyclic cumulative deformation
behaviors of subsoils in the TX tests are influenced by the CSR, confining pressure,
loading frequency, number of loading cycles, loading history, drainage conditions
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[23]. Among them, the CSR, number of loading cycles, and confining pressure are
typically dominant. It is of practical value to evaluate the influences of theCSR and the
confining pressure on the particle breakage, resilient modulus and cumulative
deformation of the tested residual soils when each specimen is subjected to 50,000
loading cycles. To address this insufficiency, this paper first presents an experimental
investigation of the effects of the CSR on the deformation behavior of local
coarse-grained residual subsoil. To further understand the deformation behavior of
this subsoil, monotonic and long-term cyclic TX tests were conducted using
large-scale specimens (300 mm in diameter and 600 mm in height). The usage of
large-scale specimens attempts to reduce the discrete behavior caused by the use of
large particles [51]. Each specimen is tested under optimal moisture content condi-
tions. In the following section, the materials and test method are detailed, followed by
the results and analysis. The cyclic permanent strain of the tested soils was compared
under different CSRs. The values of particle breakage under the monotonic loading
condition are compared to corresponding values for the cyclic loading condition
calculated using the Hardin relative breakage index. Furthermore, this paper presents
the results of a field test to determine the significant traffic-load-influenced depth for
subgrade filled with coarse-grained residual soils. An empirical method for predicting
traffic-load-induced deformation is established for a subgrade constructed with
residual soil, and the predicted deformation of the case subgrade is compared to the
deformation predicted by other methods. The findings are expected to improve our
understanding of the permanent deformation behavior of coarse-grained residual soil
under optimal moisture content conditions when the soil is subjected to long-term
traffic loading.

2 Materials and Testing Methods

2.1 Testing Materials

The tested soils were taken from the top layer of a subgrade constructed with
coarse-grained residual soil, as observed in Fig. 1a. The residual soil is light red and
is produced from the weathering and decomposition of red mudstone (parent rock).
The parent rock is very soft and has a uniaxial compressive strength of 6.2 MPa
under dry conditions and a uniaxial compressive strength of 3.6 MPa under satu-
rated conditions. Its main chemical compounds are SiO2, Al2O3, and Fe2O3. The
grain size distribution (GSD) of the residual soil is plotted in Fig. 1b, and the soil’s
basic physical parameters are summarized in Table 1. The median grain size
diameter (d50) is 6.33 mm, and the uniformity coefficient (Cu) is 33, indicating
well-graded subsoil. This soil can be classified as GP-GC according to the Unified
Soil Classification. The void ratio is 0.56, corresponding to a relative density of
74%. The optimal moisture content and maximum dry density were obtained using
the standard Proctor compaction test (ASTM, D1557).
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Fig. 1 Red residual soil and GSD: a Red residual soil, b GSD

Table 1 Basic physical parameters of tested soil

Bulk
density
(g/cm3)

Moisture
content (%)

Max dry
density
(g/cm3)

Optimum moisture
content (%)

Liquid limit
(Fines) (%)

Plastic limit
(Fines) (%)

1.99 7.1 1.94 8.9 27.0 18.5
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2.2 Testing Apparatus

The utilized apparatus is a large-scale TX testing setup (shown in Fig. 2a), with a
high control and measuring precision. The setup is an electromechanical monotonic
and cyclic loading TX testing setup, and the stress controlling unit supplies the
cyclic loading under different frequencies. The apparatus complies with the stan-
dard procedures of ASTM D7181-11 [52], ASTM D5311-92 [53], and ASTM
D3999-91 [54]. The basic parameters of the apparatus are detailed in Table 2.

Fig. 2 Testing apparatus and cyclic loading wave, a testing apparatus, b large scale specimen,
c cyclic loading wave
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2.3 Testing Methodology

Each specimen is 300 mm in diameter and 600 mm in height (i.e., an aspect ratio of
2.0), as shown in Fig. 2b. This satisfies the widely accepted suggestion proposed by
Varadarajan et al. [51], who suggested that the grain’s diameter should not be
greater than 1/6–1/10 of the specimen diameter. The relative compaction degree of
each specimen is set as 96% to satisfy the in situ compaction degree requirements.
During specimen compaction, the residual soil was poured into a cylindrical steel
mold in five layers. The residual soil was then compacted layer by layer to achieve
the target density. Each layer was compacted to a target dry density, namely
1.86 g/cm3, to obtain a relative compaction degree of 96%. All the specimens were
compacted and tested under optimum moisture content conditions. Then, each
specimen was isotropically consolidated under a given confining pressure. Finally,
a strain-controlled monotonic load or a principal stress-controlled cyclic load was
applied to the specimen under undrained conditions. Because each specimen retains
the optimal moisture content before and after the test, there are no saturation and
drainage procedures performed during the TX testing. The testing method applied
during the monotonic TX test was generally consistent with ASTM D7181-11, and
the procedures applied during the cyclic loading tests were generally consistent
with ASTM D5311-92 [53]. In the monotonic TX test, the rate of shear displace-
ment was 0.1 mm/min. Table 3 summarizes the monotonic TX testing programs.

In the cyclic TX tests, the stresses were controlled by the different CSRs, which
are defined in Eq. (1).

CSR ¼ qcyc=qf ð1Þ

where qcyc is the cyclic deviator stress and qf is the undrained peak shear strength of the
monotonic TX test. A semi-sinusoidal wave type with a constant frequency of 5 Hz
was applied to each partially saturated specimen, as shown in Fig. 2c. The 50,000
long-term cycles were applied to each specimen unless its strain exceeded 5% (the
monotonic loading failure state). Seven CSRs were applied under 50, 100, and

Table 2 Parameters of large-scale TX testing apparatus

Parameters Value

Axial force/kN 0–150

Axial force accuracy/% <0.05% of full scale

Axial displacement range/mm 120

Axial displacement accuracy 0.1 mm(i.e., <0.01% strain)

Confining pressure range/MPa 0–1.0

Confining pressure accuracy <0.05% of full scale

Drained volumetric accuracy 0.5 mm3 (i.e., <0.01% volumetric strain)

Frequency of cyclic loading/Hz 0–15

Dimension of specimen 300 mm � 600 mm
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200 kPa confining pressures. The testing programs for the long-term cyclic loading
TX tests are summarized in Table 4.

In addition, both pre- and post-testing sieve analyses were performed for each
specimen in the TX tests. To evaluate the particle breakage due to the compaction
of a specimen, three specimens were sieved prior to the TX tests. An average
particle breakage index (PBI) was obtained, and the results showed that the average
particle breakage due to compaction was 1.9%. This value was subsequently sub-
tracted from the breakage index for the specimens produced by the long-term cyclic
loading TX tests.

3 Results and Discussion

3.1 Testing Results

Figure 3a presents the monotonic TX results in the form of deviator stress and axial
strain. Figure 3b presents the monotonic TX results in the form of deviator stress
and the mean effective stress. All the stresses are effective stresses because no pore
water pressure was produced during the testing. Figure 3a shows that the stress–
strain curves exhibit a similarity under different confining pressures. Generally, the
deviatoric stress increases to a peak at an axial strain of 3–5%, followed by a slow
decline to a steady value. The experimental results indicate that the specimen fails
when the axial strain exceeds 5%. The increasing confining pressure increases the

Table 3 Undrained monotonic TX tests and peak shear strength qf

Specimens Confining
pressure (kPa)

Static failure deviator stress
(r1 − r3)f (kPa)

Relative compaction
degree (%)

T1 25 175.6 96

T2 50 333.4 96

T3 100 496.6 96

T4 200 695.0 96

Table 4 Cyclic loading TX testing programs

Specimens Confining
pressure (kPa)

Cyclic stress ratio
(CRS)

Loading
cycles (n)

Drainage
conditions

C1–7 50 0.1, 0.2, 0.3, 0.4, 0.5,
0.6, 0.8

� 50,000 Undrained

C8–14 100 0.1, 0.2, 0.3, 0.4, 0.5,
0.6, 0.8

� 50,000 Undrained

C15–21 200 0.1, 0.2, 0.3, 0.4, 0.5,
0.6, 0.8

� 50,000 Undrained
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peak deviatoric stress as well as the residual deviatoric stress in the steady state.
This peak deviatoric stress is called the undrained peak shear strength of the
monotonic TX test: qf . The peak shear strength of each specimen is summarized in
Table 4. Figure 3b plots the linear Mohr–Coulomb envelope of the mean effective
stress versus the deviator stress coordinate system. When the confining pressure is
relatively low, a nonlinearity is observed in the Mohr–Coulomb envelope for the
coarse-grained soil. For example, the peak deviator stress does not sit on the linear
Mohr–Coulomb envelope when the confining pressure is 25 kPa. This is consistent
with the finding of Trani and Indraratna [34], who believed that the shearing
dilation of coarse-grained granular soil accounts for the nonlinearity of the Mohr–
Coulomb envelope. Using the linear envelop, the cohesion force of the tested
residual soil is identified as 86 kPa, and the friction angle is found to be 24°.

A total of 21 specimens were successfully tested under cyclic loading in
undrained conditions. The similarity of the changing pattern between the accu-
mulative strain and the resilient modulus was observed during testing. Figure 4a
presents a typical axial stress-loading cycle curve for specimen C12. The initial
confining pressure is 100 kPa, and the CRS is 0.5 (the cyclic deviator
stress = 156 kPa). Figure 4a shows that the permanent axial strain dramatically
increases as the number of loading cycle increases to 3000 cycles, and then, the
axial strain continues to slowly increase with a decreasing accumulation rate. The
cumulative axial strain increases from 0% to 0.85% in the first 3000 loading cycles,
followed by a marginal increase of 0.35% within the next 47,000 loading cycles.
The cumulative strain produced in a single loading cycle decreases with increasing
number of loading cycles. This illustrates that the inclination of the stress–strain
hysteretic loops decreases with increasing number of loading cycles. Figure 4b
draws typical variations in the resilient modulus with increasing loading cycles. The
resilient modulus, MR, is defined as follows in this study:

MR ¼ qcyc
ea;r

ð2Þ

where qcyc is the cyclic deviator stress and ea;r is the resilient portion of the axial
strain. Figure 4b shows that the resilient modulus decreases with increasing number
of loading cycles. The resilient modulus decreases dramatically in the first few
thousand loading cycles, followed by a slow decline to a steady state beyond
30,000 cycles.

3.2 Particle Breakage Index

During cyclic TX testing, the similarity of the changing pattern of the grain size
distribution curve is observed under different confining pressures. Typical pre- and
post-cyclic loading test grain size distribution curves are shown in Fig. 5a under a
confining pressure of 50 kPa. The post-test grain distribution curve is similar to the
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pre-test curve at lower CSRs, whereas it deviates from the pre-test curve at higher
CSRs. The initial medium grain size, d50, of the tested specimen is 6.3 mm. After
cyclic testing, d50 of the specimen is 5.1, 4.6, 4.2, 3.6, 3.1, 2.6, and 1.9 mm for
CSRs of 0.1, 0.2, 0.3, 0.4, 0.5, 0.6, and 0.8, respectively. The increase in CSR
decreases the medium grain size of the residual soil, indicating that greater particle
breakage occurs at higher CSRs. The degree of particle breakage can be defined by
the difference between the pre- and post-test grain distribution curves. Several
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methods are used to quantify particle breakage (e.g., [55–58]. Of these, the relative
PBI technique developed by Hardin [55] is widely accepted as being able to ade-
quately integrate particle breakage over a wide size fraction:

Br ¼
Bpi � Bpf
� �

Bpi
ð3Þ

where Br is the relative breakage index; Bp is the breakage potential, which is
defined as the area formed by three lines, namely the grain size distribution curve, a
horizontal line passing 100% finer, and a vertical line passing #200 sieve (i.e., the
shaded area in Fig. 5a; Bpi is the pre-test breakage potential; Bpf is the post-test
breakage potential; and the value of Bpi – Bpf represents the total breakage.
Figure 5b presents the change in the breakage index as a function of CSR under
different confining pressures. The figure indicates that an increase in CSR results in
an increase in PBI, accompanied by a larger accumulative axial strain. Figure 5b
also indicates that at lower CSR (CSR = 0.1 and 0.2), corresponding to low
cumulative strain levels, the PBI is relatively low; in contrast, at higher CSR
(CSR = 0.6 and 0.8), the PBI is relatively high. The maximum PBI under a
200 kPa confining pressure is 5.0, 6.6, 7.9, 8.8, 11.8, 13.4, and 15.1% for CSRs of
0.1, 0.2, 0.3, 0.4, 0.5, 0.6, and 0.8, respectively. Under higher CSRs, a greater
cyclic deviator stress is applied to the specimen. Consequently, a greater effective
cyclic stress is produced on the coarse grains in the tested soil matrix, resulting in a
high concentration of contact stresses at particle contacts. As a result, the particles
are likely to be crushed or broken, as evidenced by the increase in the PBI.

Figure 5b presents the PBI versus confining pressure for both the monotonic TX
tests and the cyclic TX tests. The PBI in the monotonic TX test is 4.6, 5.6, and 7.5
under 50, 100, and 200 kPa confining pressures, respectively. Generally, the
increasing confining pressure results in an increasing PBI. Figure 5b shows that the
PBI resulting from cyclic loading is greater than the PBI produced by monotonic
loading when the CSR is larger than 0.3. For the cyclic TX tests, the long-term
cyclic load results in a > 1.5-times greater Hardin breakage index compared to the
values obtained from the monotonic TX test. This demonstrates that the cyclic
loading results in a greater deviation of the GSD from the pre-test conditions
compared to the monotonic TX test. Because of the long-term cyclic loading, the
concentration of stresses has sufficient time to progressively crush particles, which
accounts for why particle breakage occurs even under low pressures. This means
that the coarse grains in the residual soil are more easily crumbled when they are
subjected to dynamic loading. Compared to the influence of the CRS, the influence
of the confining pressure on the PBI is marginal.
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3.3 Resilient Modulus Prediction

The resilient modulus, MR, is a key parameter for the analysis and design of a
subgrade subjected to traffic loads. Figure 6a presents a typical resilient modulus,
MR, varying with the number of loading cycles under different CSRs when the
confining pressure is 50 kPa. Generally, the resilient modulus decreases with
increasing number of cycles for all CSRs. Figure 6a shows that the resilient
modulus is a function of the loading cycles, n. When n is smaller than 100, the
resilient modulus remains stable. When n falls in the range of 100–20,000, the
resilient modulus decreases with increasing number of loading cycles, including a
dramatic decreasing phase within the first several thousands of cycles. When n is
greater than 20,000, the resilient modulus remains steady again. After 50,000
loading cycles, the steady resilient modulus represents the minimum resilient
modulus of the tested soil subjected to long-term cyclic loading. The decreasing
resilient modulus is likely due to the coarse-grained particle breakage, which in turn
results in the rearrangement of the soil fabric. Figure 6a also shows that the effect of
the CSR on the resilient modulus is apparent. The resilient modulus decreases with
increasing CSR although under different rates of decrease. When the CSR exceeds
0.4, the decreasing rate of the resilient modulus is smaller than the decreasing rate
of the resilient modulus under CSRs of 0.1, 0.2, and 0.3. As an illustration, when
the number of loading cycles is 10, the resilient modulus is 55.6, 47.3, 45.5, 43.9,
and 38.6 MPa, corresponding to CSRs of 0.1, 0.2, 0.3, 0.4, and 0.5; when the
number of loading cycles is 50,000, the resilient modulus is 42.42, 35.88, 34.51,
29.856, and 28.55 MPa, corresponding to CSRs of 0.1, 0.2, 0.3, 0.4, and 0.5.

Figure 6b plots the resilient modulus as a function of the confining pressure
when the CSR is 0.5. It is found that the resilient modulus is a function of the
confining pressure. Figure 6b shows that, when the confining pressure is 50 kPa,
the resilient modulus starts to decrease at the first few hundreds of cycles with a
smaller decreasing rate and is followed by a further smaller decreasing rate. When
the confining pressure is 200 kPa, a dramatic decreasing of the resilient modulus
occurs at the first few thousands of cycles, which is followed by a greater
decreasing rate. This also occurs when the confining pressure is 100 kPa. When the
CSR obtains a certain value, the resilient modulus increases with increasing con-
fining pressure due to the better confinement applied to the specimens. This is
consistent with the results of [1, 48, 59, 60]. Lekarp et al. [48] found that the
resilient modulus of granular materials increases with increasing confining pressure
and/or bulk stress and increases slightly with the deviator stress. The deformation
behavior is characterized as stress hardening. Palmeira et al. [61] analyzed the
results of large-scale cyclic and monotonic loading tests of unreinforced and
geosynthetic-reinforced unpaved roads. They found that a better confinement leads
to an increasing resilient modulus and decreasing axial cumulative strain of the
tested soil in the cyclic TX test.
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The resilient modulus nonlinearly decreases with increasing CSR. The experi-
mental finding is consistent with those results obtained by several authors,
including Chen et al. [62], Xiao and Tutumluer [63], Guo et al. [23], and Frost et al.
[64]. Among them, Chen et al. [62] found that the resilient modulus of
lignosulfonate-treated sandy silt decreased with increasing CSR and increasing
number of cycles. Xiao and Tutumluer [63] observed that the resilient moduli of
unbound aggregate materials increase with increasing stress states (stress harden-
ing), especially under confining pressure/bulk stress. Guo et al. [23] found that the
normalized steady resilient modulus of saturated soft clay decreases with increasing
CSR until reaching a constant value. The same results were also observed by Frost
et al. [64] based on cyclic TX tests on clay and silty clay after 1000 loading cycles.
Because the resilient modulus is remarkably influenced by the confining pressure,
the steady resilient modulus is normalized as

M0
R ¼ MR=ð

ffiffiffiffiffiffiffiffiffiffiffiffi
r3=pa

p
Þ ð4Þ

where r3 is the confining pressure and pa is atmospheric pressure, i.e., 101.3 kPa.
Figure 7 presents the normalized steady resilient modulus under different CSRs.
Figure 7 shows that the normalized resilient modulus falls on a single nonlinear
curve irrespective of confining pressure. An empirical formula is proposed for the
nonlinearity between the normalized steady resilient modulus and the CSR:

M0
R ¼ k1 1þCSRð Þk2 ð5Þ
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Combining Eqs. (2), (4), (5) can be rewritten as

MR ¼ k1

ffiffiffiffiffi
r3
pa

r
1þ qcyc

qf

� �k2

ð6Þ

where k1 and k2 are parameters that can be identified using multiple regression
analyses. Based on the experimental results, with a regression coefficient of 0.96, k1
is found to be 67, and k2 is found to be −1.2. The proposed formula is specific to the
tested coarse-grained residual soil or soils with similar gradation because the
properties of a soil dominantly depend on its gradation.

3.4 Deformation Behaviors

3.4.1 Influence of CSR

Figure 8 presents the variation in cumulative axle strain with CSR under different
confining pressures. The VSR varies in the range of 0.1–0.8, and the maximum
number of loading cycles is 50,000. Figure 8 shows that the increasing CRS
increases the axial strain and that the CSR shapes the curves showing the rela-
tionship between the cumulative strain and the number of loading cycles. Using an
example of a 50 kPa confining pressure, the final axial strain is 0.42, 0.80, 1.20,
1.98, and 3.50% after 50,000 cycles, corresponding to CSRs of 0.1, 0.2, 0.3, 0.4,
and 0.5. A rapid deformation is produced after the first few thousands of cycles
under a lower CSR, and the later load cycling accumulates substantially less per-
manent strain after each set of 1000 cycles. The specimen remained stable when it
was subjected to a lower CSR, namely CSR < 0.5. When the CSR is lower than
0.5, the cumulative strain rapidly increases during the initial phase (first few
thousands of cycles), followed by an increasing phase with a lower strain cumu-
lative rate. A substantially rapidly increase in cumulative axial strain occurs at the
first few hundred of loading cycles under a higher CSR. When the CSR is greater
than 0.6, the cumulative strain dramatically increases and exceeds the failure
cumulative strain (5%, the monotonic loading failure state) after several thousands
of cycles. For example, the cumulative axial strain reaches 5% after 2750 loading
cycles when the sample is subjected to a CSR of 0.8 under a 50 kPa confining
pressure. A critical CSR is identified from the curves in Fig. 8. The critical CSRs of
the tested specimens fall in the small range of 0.5–0.6. Three stages of cumulative
strain are observed when the CSR is greater than the critical CSR, namely the
primary (stable) stage, the secondary (transitional) stage, and the tertiary (failure)
stage, as observed in Fig. 8b. When the CSR is lower than 0.4, the deformation
behavior of the specimen exhibits the primary (stable) stage; when the CSR falls in
0.5–0.6, the deformation behavior of the specimen exhibits the primary stage and
the secondary stage; and when the CSR is greater than 0.6, the deformation
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behavior of the specimen exhibits the primary stage, the secondary stage, and the
tertiary stage. The primary stage is characterized by a decreasing rate of cumulative
axial strain and a relatively small permanent strain magnitude, which most likely
results from the abrasion of the coarse-grained particles. Under a lower CSR, the
PBI is relatively low, as observed in Fig. 5b. In the secondary stage, cumulative
axial strain linearly accumulates at a constant rate likely due to the rearrangement of
the coarse-grained particles in the soil fabric. In the tertiary stage, the cumulative
axial strain accumulates at an increasing rate, and failure occurs in the first few
thousands of loading cycles. The tertiary stage is accompanied by a higher PBI, as
evidenced by Fig. 5b. The traffic loading produces a dynamic soil stress in the
subgrade and consequently produces cumulative deformation in the form of
long-term settlement. The critical CSR is expected to be used to control the
long-term settlement of a subgrade in an acceptable stage. When the magnitude of
the dynamic stress in the subgrade is smaller than the CSR of the subsoil, the
traffic-load-induced settlement remains in a stable and acceptable stage. When the
magnitude of the dynamic stress in the subgrade exceeds the critical stress ratio of
the subsoil, the traffic-load-induced settlement is found in an unstable and unac-
ceptable stage.

3.4.2 Influence of Confining Pressure

Figure 9a presents a comparison of the cumulative strain with three different
confining pressures: 50, 100, and 200 kPa. All three specimens were tested under a
CSR of 0.4. The comparison illustrates that the increase in confining pressure leads
to an increasing cumulative strain at a given CSR. For instance, the final axial strain
is 5.2, 4.6 and 3.7% under confining pressures of 50, 100, and 200 kPa. It is
observed that a larger cumulative strain is produced under lower confining pressure
due to the weak confinement applied to the tested soil. When the applied confining
pressure is lower, namely 50 kPa, the confinement of the specimen is relatively
weak. Hence, the cumulative strain produced by cyclic loading is relatively high.
When the confining pressure is higher, namely 200 kPa, the confinement of a
similar specimen is relatively strong, and the cumulative strain of the specimen is
relatively low.

Figure 9b presents a comparison of the number of cycles at failure under dif-
ferent confining pressures. Figure 9b shows that an increasing CSR decreases the
number of cycles at failure and that an increase in confining pressure results in a
rapid increase in the number of loading cycles at failure. When the CSR is 0.6, the
numbers of loading cycles at failure are 2884, 10,543, and 16,672, corresponding to
50, 100, and 200 kPa confining pressures; when the CSR is 0.8, the numbers of
loading cycles at failure are 1059, 2305, and 5058.
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3.4.3 Modeling of Cumulative Strain

The cumulative deformation depends not only on the soil properties as a function of
void ratio, moisture content, and gradation but also on the cyclic preloading history.
It is of practical significance to be able to predict the permanent deformation of
subsoil produced by traffic loading. Based on repeated loading tests, various models
have been documented for the cumulative deformation prediction of fine saturated
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soil or granular soil, including Barksdale [46], Monismith et al. [50], Li and Selig
[21], and Lekarp et al. [48]. Among them, power law functions and logarithmic
functions are the most widely used, i.e., the power equation proposed by Monismith
et al. [50] and Li and Selig [21].

ep ¼ a
rd
rsf

� �m

Nb ð7Þ

Ds ¼
Z h

0
epdt ð8Þ

where ep is the cumulative strain; N is the number of repeated cycles; rd is the
dynamic soil deviator stress caused by traffic loading; rsf is the static deviator stress
at failure; a, b, and m are parameters that are dependent on the subsoil; Ds is the
deformation caused by traffic loading at an influenced depth; and h is the
traffic-load-influenced depth. The majority of those empirical functions are limited
in terms of characterizing the cumulative deformation behavior under a given
confining pressure because the model parameters ignore the influence of the con-
fining pressure on the cumulative strain. To address this limitation, a specific model
needs to be setup for the tested subsoil. In this paper, the accumulative strain is
normalized as

e0p ¼ ep �
ffiffiffi
4

p r3
pa

ð9Þ

where r3 is the confining pressure, ep is the cumulative axial strain, e0p is the
normalized strain, and pa is atmospheric pressure, namely 101.3 kPa. Figure 10a
plots the normalized strain, e0p, versus the number of loading cycles when the CSR
is less than 0.6 (primary and secondary strain phases only). Figure 10a shows that
the normalized strain linearly increases logarithmically with the number of loading
cycles. The linearity between log e0p and logn (denoted by the dashed line in
Fig. 10a) is observed irrespective of the CSR. A linear formula is setup to fit the
linearity as in Eq. [45].

log e0p ¼ aþ b logn ð10Þ

where a and b are parameters that are identified using multiple regression analyses
of the cyclic load TX test data. The good agreement between the measured data and
the predicted data is observed with a correlation coefficient of 0.94. Figure 10b
shows the parameters versus the CSR. It is apparent that the parameter a increases
linearly with increasing CSR, as does the parameter b. Hence, the parameters a and
b are rewritten as linear functions as follows:
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a ¼ cþ d � CSR ð11Þ

b ¼ eþ f � CSR ð12Þ

Using multiple regression analyses, c is found to be 0.035, d is found to be 0.29,
e is found to be 0.23, and f is found to be 0.07. Consequently, Eq. (9) is rewritten as

ep ¼ 0:035þ 0:29
qcyc
qf

� �
� r3

pa

� ��1=4

�n 0:23þ 0:07
qcyc
qf

� �
ð12Þ

The proposed formulation of the cumulative strain is specific to soils with a
similar gradation under similar loading conditions because the regression parame-
ters obtained from the fitting cyclic TX tests vary with the soil gradation, soil
properties, loading conditions, and moisture content.

4 Case Study of Deformation Prediction

4.1 Field-Testing Programs

A highway subgrade is selected as the case study for the deformation prediction,
and the subsoil is the tested residual soil. The field tests were used to investigate the
dynamic soil attenuation of the subgrade. The highway (the Changzhang highway)
was constructed in 2007 and has a total length of 159.35 km. This four-lane
highway has a designed speed of 120 km/h. The expected service life of the
pavement is 20 years, yielding a total of 1.2 � 107 cycles of equivalent standard
traffic loading (Ministry of transportation of the People’s Republic of China,
Specifications of cement pavement design for highway, 2002 JTG D40-2002 and
Specifications for design of highway asphalt pavement, JTG D5010-2006). This
indicates that the annual average number of loading cycles is 600,000. Each traffic
load is a standard axle load of 100 kN.

The height of the subgrade is 18 m. The composite pavement has five structural
layers: The surface pavement is a 150-mm-thick standard hot mix asphalt (HMA);
the upper-base course is a 160-mm-thick concrete base blended with 5% cement (by
weight); the middle-base course is a 160-mm-thick granular soil base blended with
4% cement (by weight); the subbase is a layer of 180-mm-thick aggregates blended
with 4% cement (by weight); and the underlying subsoil is red mudstone residual
soil. The basic mechanical parameters of the pavement are listed in Table 5. A total
of 14 dynamic soil stress gauges (PS1–14) and 2 settlement meters (S1–2) were
installed in the case subgrade. Figure 11a shows the positions of each soil stress
gauge and deflection meter. Each of the dynamic soil stress gauges was calibrated
using the tested residual subsoil. The peak dynamic stresses produced by loading
using a testing truck were obtained by a data acquisition system before the highway

274 X. Chen et al.



was opened to traffic. Subsequently, the profiles of the truck-induced dynamic
stresses were built up as the stress attenuation law along the depth of the case
subgrade. Then, the traffic-load-influenced depth was determined using the dynamic
soil attenuation law for the case subgrade. The testing truck was a freight truck,
which repeatedly drove over the dynamic soil stress gauges, as observed in
Fig. 11b. The maximum axle load was 66, 105, and 157 kN, and the testing speed
was 60, 80, and 100 km/h. The long-term traffic-induced deformations of this case
subgrade were measured by settlement meters (S1–2) after the highway was opened
to traffic.

4.2 Traffic-Influenced Depth

Figure 12 presents the obtained peak dynamic soil stresses along the depth of the
subgrade under different axle loads. Each dynamic soil stress is the average of two
peak dynamic soil stresses at the same depth. Figure 12 shows that the increasing
axle load results in increasing dynamic soil stresses; however, the rate of increase
decreases with depth. For example, at the subgrade surface, the range of the peak
dynamic stress falls in the range of 20–25 kPa when the axle load is 66 kN; the
peak dynamic stress falls in the range of 28–37 kPa when the axle load is 105 kN;
and the peak dynamic stress falls in the range of 38–45 kPa when the axle load is
157 kN. At a depth of −3.0 m, the peak dynamic soil stresses remain at 4.6, 5.3,
and 6.4 kPa for axel loads of 66, 107, and 157 kN. The experimental data show that
the dynamic stress attenuation dramatically decreases along the depth in the sub-
grade. Comparing the peak dynamic stresses, it is observed that the influence of the
truck speed on the dynamic soil stress is minimal. This agrees with the laboratory
results of Indraratna et al. [65] on unbounded aggregate subsoil. They found that the
effect of the loading frequency on the dynamic response is marginal when the
dynamic loading frequency is less than 40 Hz.

To better understand the attenuation of dynamic soil stresses along the depth, the
peak dynamic soil stress is normalized by the peak dynamic stress at the subgrade
surface. Figure 13 plots the normalized peak dynamic stress along the depth when
the speed is 100 km/h. Figure 13 shows that the normalized dynamic stress rapidly

Table 5 Basic mechanical parameters of composite pavement

Pavement
layers

Friction
angle (°)

Cohesion
force
(kPa)

Bulk
density
(g/cm3)

Compressive
strength
(MPa)

Poisson’s
ratio

Young’s
modulus
(MPa)

HMA
surface

na na 2.5 na 0.35 1400

Upper-base 60 350 2.4 5.0 0.25 1200

Middle-base 40 250 2.4 5.0 0.25 800

Subbase 40 250 2.2 4.5 0.25 800
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decreases when the depth is less than 1.5 m, followed by a slow decreasing for
depths from −1.5 to −3.0 m. The normalized dynamic stress decreases from 1.0 to
0.3 when the depth increases from 0 to 1.5 m. The normalized dynamic stress
decrease from 0.3 to 0.1 when the depth increases from 1.5 to 3.0 m. Huang et al.
[66] found that the traffic-load-induced deformation is marginal when the dynamic
stress is smaller than 10% of the weight stress. In this paper, the
traffic-load-influenced depth of the tested subgrade is determined when the nor-
malized dynamic stress is greater than 10%. Based on the field test results, Table 6
summarizes the traffic-load-influenced depth of the tested subgrade subjected to
different axle loads. Table 6 shows that the increasing of the traffic axle load
slightly increases the traffic-influenced depth; however, the influence of the speed
remains limited. The significant traffic-load-influenced depths in this case subgrade
are determined to be 2.7, 2.8, and 3.0 m when the axle loads are 66, 105, and
157 kN, respectively. The traffic-induced deformation prediction is limited to the
traffic-load-influenced depth in the case study.
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4.3 Deformation Prediction

Equation (12) is used to predict the deformation as a function of the
traffic-load-induced depth as follows:

Sd ¼
Zhd
0

ð0:035þ 0:29 � CSRÞ � r3
pa

� ��1=4

�nð0:23þ 0:07�CSRÞ
" #

dz ð13Þ

where Sd is the accumulative deformation; hd is the traffic-load-induced depth of the
subgrade, observed in Table 6; n is the total accumulation of traffic cycles, which is
set as 600,000 cycles per year; r3 is the soil pressure, which is calculated using the
theory of soil pressure at rest; and CSR is the ratio between the measured peak
dynamic soil stress and the critical shear strength calculated using Mohr–Coulomb
theory.

Figure 14 presents the predicted accumulative deformation five years after the
highway was opened to traffic. The predicted deformations were compared with the
measured settlement. The measured settlement during the construction period is
ascribed to the weight of the subsoil and pavement, and the measured settlement
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Table 6 Traffic-load-influenced depth in tested subgrade

Speed (km/h) Traffic-load-influenced depth (m)

Axle load = 66 kN Axle load = 105 kN Axle load = 157 kN

60 2.65 2.78 2.93

80 2.66 2.83 2.95

100 2.69 2.82 3.00
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remains steady before the highway was opened to traffic. During the construction
period, the total subgrade settlement was 103 mm. Figure 14 shows that three
deformation stages were found in the measured settlement deformation history.
After the highway was opened to traffic, the measured settlement quickly increases
during the first several hundreds of days, followed by accumulation with a constant
rate in the first thousand days. Beyond the first thousand days, the settlement
remains nearly steady. Compared with the predicted settlement under different axle
loads, only two deformation stages were found to be exhibited by the predicted
traffic-load-induced settlements. Figure 14 shows that the predicted deformation
dramatically increases during the first hundred days, followed by a slightly
increasing deformation at a constant rate. As expected, the increasing axle load
increases the predicted settlement because of the increasing CSR. The
traffic-load-induced deformations are 62, 73, and 87 mm for axle loads of 66, 105,
and 157 kN after 5 years of being open to traffic. A good agreement is generally
observed between the predicted deformation and the measured deformation. The
detailed comparison shows that the predicted settlement under 66 kN axle load is
slightly lower than the measured value, and the predicted settlement under the
157 kN axle load is slightly higher than the measured value. In the first year, a
better agreement is observed between the measured settlement and the predicted
settlement under the 157 kN axle load. Later, a better agreement is observed
between the measured settlement and the predicted settlement under the 105 kN
axle load. This indicates the feasibility of the proposed method for traffic-induced
deformation prediction when applied to coarse-grained residual subsoil. It must be
emphasized that the proposed method is based on a case subgrade where the stress
state was below the critical state and where the subsoil has a similar gradation as the
tested soil.
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5 Conclusions

An experimental investigation of the deformation behavior of coarse-grained
residual soil under optimal moisture content conditions is presented in this paper.
The laboratory tests consisted of large-scale monotonic TX tests of four specimens
and long-term cyclic TX tests of 21 specimens subjected to 50,000 loading cycles.
A series of field tests were also used to determine the traffic-load-influenced depth
in the case study. Considering the CSRs and confining pressures, the effects of
particle breakage on the deformation behavior of residual soil were analyzed. The
resilient modulus and cumulative strain of the tested samples were also evaluated
under different CSRs and confining pressures. Based on these tests, the following
conclusions specific to the tested residual soil (i.e., similar gradation as the tested
residual soil) can be drawn:

(1) An increasing CSR increases the cumulative strain while, in contrasting,
decreasing the resilient modulus. Considering the cyclic stress amplitude and
confining pressure, an empirical formula for the steady resilient modulus was
established. The predicted steady modulus using this formula is in good
agreement with the testing results. Additionally, a prediction formula for the
cumulative strain independence of the cyclic stress amplitude, number of
loading cycles, and confining pressure was established. The agreement between
the predicted strain and the tested strain indicates the feasibility of this pre-
diction formula for cumulative strain prediction.

(2) The obtained results suggest that increasing the CSR and number of load cycles
beneficially influences particle breakage as well as increases the confining
pressure. The PBI under cyclic loading is generally 1.5-times greater than the
PBI under monotonic loading. The higher CSR results in three cumulative
strain stages accompanied by an increasing PBI, i.e., the primary stage, the
secondary stage, and the tertiary stage.

(3) The field tests provide the intensity of dynamic stresses on the subgrade surface
and the attenuation law of the dynamic stresses along the subgrade depth. The
influence of the truck speed on the traffic-load-influenced depth is minimal. An
increasing axle load results in increasing dynamic soil stresses and
traffic-load-influenced depth in the subgrade. The traffic-load-influenced depth
varies with increasing axle load. In the case study, the traffic-load-influenced
depths were 2.7, 2.8, and 3.0 m corresponding to axle loads of 66, 105, and
157 kN.

(4) An empirical method for predicting traffic-load-induced deformation is estab-
lished for subgrades constructed with residual soil. The method considers the
magnitude of the CSR, the number of traffic-load applications, and the con-
fining pressure on site. The method is used to predict the permanent
traffic-load-induced deformation of a case subgrade after being opened to
traffic.
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Utility Trench Backfill Compaction
Using Vibratory Plate Compactor
Versus Excavator-Mounted Hydraulic
Plate Compactor

Chaoyi Wang, Tong Qiu, Ming Xiao and Jintai Wang

Abstract Excavator-mounted hydraulic plate compactors have been widely used in
utility trench backfill compaction due to their efficiency. However, there are
industry concerns on the possibility of pipe damage due to the combination of static
downward earth pressure exerted by the excavator arm and dynamic earth pressure
induced by the excavator-mounted hydraulic plate compactor. This paper presents
the results of a field study that aims to compare the performances of utility trench
compaction using a conventional walk-behind vibratory plate compactor with a lift
thickness of 200 mm (8 in.) and an excavator-mounted hydraulic plate compactor
with a lift thickness of 200 mm (8 in.), 300 mm (12 in.), 450 mm (18 in.), and
600 mm (24 in.). A flexible PVC pipe was used. The field test results indicate that
the excavator-mounted hydraulic plate compactor delivered comparable compacted
dry mass densities with a lift thickness of 200 and 300 mm as the walk-behind
vibratory plate compactor did with a lift thickness of 200 mm; however, the
excavator-mounted hydraulic plate compactor was not able to consistently achieve
adequate compacted dry mass densities with a lift thickness of 450 and 600 mm.
The excavator-mounted hydraulic plate compactor induced larger dynamic vertical
earth pressures than did the walk-behind vibratory plate compactor.
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1 Introduction

Utility pipes are typically installed through open-cut trenching and are backfilled
with granular materials that need to be adequately compacted to provide proper
ground support and minimize settlement of the trenching zone. Significant varia-
tions in pipe behavior can be caused by installation practices [1, 2], and trench
backfilling and compaction-induced stresses may cause damage to the pipes.
Hansen et al. [3] found that the generation of premature cracks found on small
diameter (less than 36 in. or 90 cm) concrete pipes is linked to backfilling and
compaction methods. American Concrete Pipe Association [4] considered the
effects of heavy machinery on the integrity of buried concrete pipes in their
installation manual and provided standards to avoid load concentrations during
compaction. For example, it is recommended that care be taken to avoid damaging
the pipe when impact or vibratory equipment is used for compaction, particularly
for installations with less than 0.6 m (2 feet) of earthfill over the pipe.

Various researchers have investigated the pipe performance during installation
and trench compaction (e.g., [5–7]. Different compaction equipment may impart
different compaction energies to the backfill material and hence impact the pipe
performance. For example, rammer compactors are found to produce greater
backfill density than do the vibratory plate compactors with the same number of
coverages and produce higher residual lateral soil stresses that contribute to better
overall pipe performance during backfilling [1]. Conventional compaction equip-
ment used in pipe installation includes the wacker packer, trench roller, vibratory
roller compactor, and excavator compaction wheel [8]. The hydraulically operated
vibratory plate compactor has greatly increased the efficiency of backfill com-
paction because it can be attached to the arms of an excavator (e.g., backhoe) and
used for compacting backfill materials without requiring a worker operating a
compactor in the trench. Hence, excavator-mounted hydraulic plate compactors
have been widely used in trench backfill compaction recently. However, there are
industry concerns on the possibility of pipe damage due to the combination of static
downward earth pressure exerted by the excavator arm and dynamic earth pressure
induced by the excavator-mounted hydraulic plate compactor [3]. Kararam [8]
conducted a field investigation on a reinforced concrete pipeline using an
excavator-mounted hydraulic plate compactor. It was found that the pipeline system
was damaged by the heavy impulse load from the excavator-mounted hydraulic
plate compactor; however, the damage occurred only when the first 150-mm (6-in.)
layer of backfill material was being compacted above the pipe crown. Data on the
performance of pipes backfilled with excavator-mounted hydraulic plate com-
pactors are remarkably scarce in the literature; hence, additional research is needed
to address the industry concern.

Currently, a maximum lift thickness of 200 mm (8 in.) for utility trench backfill
compaction is specified by many Department of Transportations (DOTs) (e.g., [9]
when a traditional vibratory compaction equipment is used. Given the high capacity of
excavator-mounted hydraulic plate compactors in compacting granular materials
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through a combinationof static anddynamic forces, there is a growing industry demand
in having themaximum lift thickness increased for excavator-mounted hydraulic plate
compactors; however, there is a lack offield test data to support this demand.This paper
presents the results of a field study that aims to compare the performances of utility
trench compaction using a conventional walk-behind vibratory plate compactor with a
lift thickness of 200 mm (8 in.) and an excavator-mounted hydraulic plate compactor
with a lift thickness of 200 mm (8 in.), 300 mm (12 in.), 450 mm (18 in.), and 600 mm
(24 in.). The performance data included compacted dry mass density of backfill
material, compaction-induced earth pressure in backfill material, and
compaction-induced strains in pipe. A 150-mm-diameter (6 in.) 6.1-m-long SDR-35
PVCsewer pipe (flexible pipe)was used. In the following sections, details of the testing
program are first presented, followed by the results and discussions of the field tests.
Conclusions are reached on the performance of the excavator-mounted hydraulic plate
compactor in comparison with the vibratory plate compactor.

2 Field Testing Program

2.1 Trench Geometry, Backfill Materials, and Compaction
Equipment

Figure 1 shows the trench geometry. Different terminologies have been used to
describe different zones in a utility trench; the terminology used by the Florida
Department of Transportation is generally followed in this paper [10]. The trench
consisted of a bedding layer beneath the pipe, a cover zone that extends from the
bottom of the pipe to 0.3 m (12 in.) above the top of the pipe, and a top zone above
the cover zone. The 2B bedding material is consistent with the American
Association of State Highway and Transportation Officials (AASHTO M145)
specifications [11]. Figure 2 shows the gradation of the backfill soil used in this
study, which can be classified as a well-graded gravel with sand (GW) based on the
Unified Soil Classification System. The backfill soil has a maximum dry density of
2.17 g/cm3 (135.2 pcf), which is named as the standard proctor density (SPD) in
Fig. 1 and an optimum moisture content of 7.7% as evaluated by the standard
proctor test (ASTM D698).

The walk-behind vibratory plate compactor used in this study is a BOMAG
BPR65/70D model, which has a basic operating weight of 570 kg (1257 lbs) and
operates under 67 Hz with a centrifugal force of 69,000 N (15,525 lbs). The
compaction plate has a dimension of 0.55 m by 0.98 m (22 in. by 39 in.). The
excavator-mounted hydraulic plate compactor used in this study is an Allied HoPac
1000B model, which has an impulse force of 35,586 N (8000 lbs) and operates
under 33 Hz (2000 cycles per minute). The compaction base plate has a dimension
of 0.61 m by 0.71 m (24 in by 28 in.).
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2.2 Instrumentation

Dynamic pressure cells and strain gages were installed to monitor compaction-
induced earth pressures in backfill and strains in the pipe, respectively. The
dynamic pressure cells (Model 3510 from Geokon) are semiconductor pressure
transducers that are capable of measuring dynamic pressures up to 400 kPa with an
accuracy of 0.4 kPa. The pressure cells were calibrated by the manufacturer and
verified by the project team using deadweights. Along the pipe, a total of six
dynamic pressure cells were embedded on three equally spaced sections in the

Cover Zone

0.15
(6'')

0.60
(24'')

2B Bedding

0.60
(24'')

Top Zone1.22 (48'')

0.30 (12'')

0.15 (6'')
0.15 (6'')

PVC

(b)

Min. 100%
SPD

Backfill Soil

Min. 95%
SPD

Backfill Soil

Fig. 1 Trench geometries and backfill materials

Fig. 2 Grain size distribution of backfill soil
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backfill soil, and their layout is shown in Fig. 3a. To avoid rough contact between
pressure cells and angular gravel-sized particles in the backfill material and for
more reliable earth pressure measurement, a thin layer (about 25 mm) of the finer
fraction of excavated soil was used as a seating material (i.e., cushion) between the
pressure cells and backfill material. For each section of the pipe, two pairs of
perpendicularly aligned strain gages were mounted on the crown and springline of
the pipe to measure longitudinal and tangential (hoop) strains developed along the
pipe during compaction. The layout of strain gages is shown in Fig. 3b.

2.3 Test Procedure

A total of five tests were conducted in this study. Table 1 presents a summary of
these tests. SC-1 was conducted using a walk-behind vibratory plate compactor
with a lift thickness of 200 mm (8 in.); HP-1, HP-2, HP-3, and HP-4 were con-
ducted using an excavator-mounted hydraulic plate compactor with lift thicknesses
of 600 mm (24 in.), 450 mm (18 in.), 300 mm (12 in.), and 200 mm (8 in.),
respectively. For each test, backfill compaction in the top zone commenced after
pipe was placed in trench, and cover zone was constructed according to Fig. 1. For
Test SC-1, a lift thickness of 200 mm (8 in.) was used. For Tests HB-1 to HB-4, a
lift thickness of 600 mm (24 in.) was first used for Test HB-1, and after backfill
compaction was completed, the compacted backfill was excavated out of the top
zone. A lift thickness of 450 mm (18 in.), 300 mm (12 in.), and 200 mm (8 in.) was

Fig. 3 Instrumentation layout: a pressure cells; b strain gages
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subsequently used for Tests HB-2, HB-3, and HB-4, respectively, following similar
procedure. The operators of the walk-behind vibratory plate compactor and
excavator-mounted hydraulic plate compactor were different, but each had more
than ten years of experience performing backfill compaction using their respective
equipment. The operators were instructed to perform the backfill compaction based
on their experience by continuously working back and forth in the trench, and no
specific criterion on the number of passes was established. During backfill com-
paction in the top zone for each test, compaction-induced earth pressures in backfill
and strains in pipe were continuously monitored.

3 Results and Discussions

3.1 Compacted Dry Mass Density

A nuclear density gage was used to measure the compacted dry mass density of
backfill soil in general accordance with ASTM D 6938-08 and manufacturer’s
recommendations. The measurements were taken on the top of compacted surface
at approximately 1.2 m from each end of the pipe after each lift was compacted. For
the 200-mm-thick and 300-mm-thick lifts, a nuclear-gage penetration depth (i.e.,
length of penetration rod) of 200 and 300 mm was used, respectively; for the 450-
and 600-mm-thick lifts, a penetration depth of 300 mm was used. For the
450-mm-thick lift, additional measurements were taken at 150 mm below the
compacted surface by scraping off the compacted soil and creating a flat area that
extended at least 300 mm in all directions. For the 600-mm-thick lift, additional
measurements were similarly taken at 300 mm below the compacted surface.

The ratios of measured dry mass densities to the maximum dry density are
shown in Fig. 4. The box plot is used to demonstrate the variations of the measured
values, including the median, first quartile, and third quartile values. The box
corresponds to the likely range of variation (i.e., between first and third quartiles).
The lines extending from the bottom and top of each box mark the minimum and

Table 1 Summary of field tests

Pipe
type

Walk-behind vibratory
plate compactor

Lift
thickness

Excavator-mounted
hydraulic plate compactor

Lift
thickness

150 mm SC-1 200 mm
(8 in.)

HB-1 600 mm
(24 in.)

(6 in.) HB-2 450 mm
(18 in.)

PVC
pipe

HB-3 300 mm
(12 in.)

Figure 1 HB-4 200 mm
(8 in.)
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maximum values, respectively, within a statistically acceptable range. Any value
outside of this range, called an outlier, is displayed as an individual point. Figure 4
shows that the walk-behind vibratory plate compactor was able to generally achieve
above 100% of SPD with a lift thickness of 200 mm. For the excavator-mounted
hydraulic plate compactor, a compaction of above 100% of SPD was also generally
achieved with lift thicknesses of 200 and 300 mm but was not consistently achieved
with a lift thickness of 450 or 600 mm. The excavator-mounted hydraulic plate
compactor, with the lift thickness of 200 or 300 mm, resulted in generally higher
dry mass densities than the walk-behind vibratory plate compactor did with a lift
thickness of 200 mm.

3.2 Compaction-Induced Earth Pressure

Figure 5 shows the recorded compaction-induced vertical pressure versus time from
Cell #3 in Tests SC-1 and HB-4. Both tests were for the PVC pipe and a lift
thickness of 200 mm. Figure 6 indicates that the excavator-mounted hydraulic plate
compactor took half of the time on average to complete a trench compaction than
the walk-behind vibratory plate compactor did. Figure 5 also shows that the
recorded vertical pressure has two components: (1) a static component that
increases with backfill thickness and (2) a dynamic component that fluctuates
rapidly during compaction. The static vertical pressure is due to a combination of
the self-weight of compacted fill on top of the pressure cell and the residual
compaction-induced stress locked in from particle rearrangement. For example, the
recorded initial pressure of approximately 25 kPa in Test SC-1 as shown in Fig. 5 is
a combination of the overburden pressure and compaction-induced stress due to
compaction in the cover zone. The recorded initial pressure (approximately 36 kPa)

Fig. 4 Box plot of nuclear density gage results (WVPC: walk-behind vibratory plate compactor;
EHPC: excavator-mounted hydraulic plate compactor)
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was higher in Test HB-4, which was due to the additional compaction-induced
stresses locked in from Tests HB-1 to HB-3 in the top zone. The dynamic vertical
pressure is due to the vibration of the compactors. For a given test, the recorded
dynamic vertical pressures are generally much larger than the static counterparts.
For example, the peak dynamic and static vertical pressures recorded for Test SC-1
were approximately 210 kPa and 50 kPa, respectively. Figure 5 also shows that the
excavator-mounted hydraulic plate compactor induced higher static and dynamic
vertical pressures than the walk-behind vibratory plate compactor did, which is due
to the higher compaction energy delivered by the excavator-mounted hydraulic
plate compactor. Similar results are observed from other pressure cells and hence
not presented herein.

3.3 Compaction-Induced Pipe Deformation

As the backfill soils are compacted, different sections of a pipe may undergo
compression or tension. Figure 6 shows the measured longitudinal strain versus
time of the pie in Test SC-1. At Sect. 1, the measured longitudinal strains were
mostly negative indicating that this section was under compression during com-
paction, whereas the positive longitudinal strains at Sect. 3 suggest that this section
was under tension. The spikes in the measured strains correspond to the compactor
being directly above or near the strain gages. Figure 6 shows that most of the strains
in the pipe were developed early in the compaction process, beyond which the pipe
was locked in preventing additional straining during subsequent compaction.
Different cross sections of a pipe may also undergo vertical compression or hori-
zontal compression depending on the relative magnitude of the vertical and hori-
zontal pressures acting on the cross section, which are illustrated in Fig. 7. Vertical
compression of a section results in compression at the crown and tension on the
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springline; horizontal compression results in the opposite. The deformation mode of
a cross section may evolve during compaction. Figure 8 shows that the deformation
mode of Sect. 3 in Test HB-4 evolved from horizontal compression to vertical
compression during compaction, which is likely due to the movement of compactor
relative to the pipe. The combination of downward force exerted by the excavator
arm and compaction-induced stress is likely to result in vertical compression of the
pipe when the compactor is compacting directly on top of the pipe but horizontal
compression when the compactor is compacting on either side of the pipe. The
maximum longitudinal and tangential strains are generally smaller than 3000
microstrains (0.3%) in the tests conducted. Typical plastic pipes have a yield strain
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of 0.5% [12, 13]. Therefore, compaction-conducted strains in this study are unlikely
to result in pipe damage, which is confirmed by visual inspections of the pipe
excavated out of the trenches after tests.

4 Conclusions

This paper presents a field investigation that aims to compare the performances of
utility trench compaction using a conventional walk-behind vibratory plate com-
pactor and an excavator-mounted hydraulic plate compactor. Utility trench backfill
compaction tests were conducted on a PVC pipe for each compactor. Performance
data including compacted dry mass density of backfill material,
compaction-induced earth pressure in backfill material, and compaction-induced
strains in pipe are compared. Based on the test results, the following conclusions are
reached:

1. The excavator-mounted hydraulic plate compactor took half of the time on
average to complete a trench compaction than the walk-behind vibratory plate
compactor did.

2. The excavator-mounted hydraulic plate compactor resulted in compacted dry
mass densities, on average, greater than 100% SPD with backfill lift thicknesses
of 200 and 300 mm, delivering a comparable compaction quality as the
walk-behind vibratory plate compactor with a lift thickness of 200 mm.
However, the excavator-mounted hydraulic plate compactor was not able to
consistently achieve over 100% SPD with a lift thickness of 450 or 600 mm.
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3. The excavator-mounted hydraulic plate compactor did not induce pipe damage
in this study as the maximum strains in the pipe were smaller than 0.3%.

This study provided pertinent information and reference on the application of
excavator-mounted hydraulic plate compactors to utility trench backfill compaction;
however, the conclusions are based on the in situ and experimental conditions (e.g.,
backfill material, compaction equipment, trench geometries, and pipe) specific to
this study. More field studies are needed to draw more general conclusions for a
wide range of conditions including different models of excavator-mounted
hydraulic plate compactors, pipe diameters and materials, and backfill materials.
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Dynamic Behaviors of Overconsolidated
Remolded Red Clay Under Cyclic
Compressive Stress Paths

Guoyue Yang, Keyu Li, Yunlong Xu and Liangji Li

Abstract This paper presents a series of cyclically loading dynamic triaxial tests
for remolded red clay with different overconsolidation ratios, confining pressures
and dynamic stress amplitudes having been carried out using the GDS vibratory
triaxial apparatus. Main target is the filling of red clay in the high-filling subgrade of
CNPC Yunnan Petrochemical Railway special line. Results showed that the critical
dynamic stress of overconsolidated remolded red clay increases linearly with the
increase in overconsolidation ratio and confining pressure under the cyclic pure
pressure dynamics, and an empirical formula for the critical dynamic stress of the
region is obtained by regression analysis. Influence of overconsolidation ratio,
confining pressure and vibration times on the development of cumulative dynamic
strain was analyzed. Moreover, the dynamic strength of overconsolidated remolded
red clay is proportional to the overconsolidation ratio and confining pressure.
Number of cyclical vibrations has little effect on the dynamic internal friction angle
of overconsolidated red clay but has a greater impact on the dynamic cohesion.
These test results can provide certain practical value for the overconsolidation of
red clay as a subgrade filling project in the area.
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1 Introduction

CNPC Yunnan Petrochemical Railway special line factory is located in Anning,
Yunnan province. The relative height difference of the original ground of the
factory is about 14 m. An artificial filling has been selected for the filling, in
consideration of economy and environmental protection. The maximum fill height
is 18 m, and it belongs to the deep artificial filling subgrade. The fillers are mainly
based on red clay widely distributed locally. Red clay is a special soil with high
natural moisture content, high plasticity, high void ratio, low density, poor com-
paction and other undesirable physical properties. Therefore, we carried out
dynamic compaction when subgrade is being filled on the top floor. And on this
basis, a preloading treatment was performed to overcome the poor engineering
properties of the original red clay. The factory railway was designed as a ballastless
monolithic track bed structure. The post-construction settlement of ballastless track
subgrade should not be greater than 15 mm according to article 6.4.2 of the
“High-Speed Rail Design Code” (TB10621-2014) [1]. And the dynamic charac-
teristics of rock and soil are the key to engineering stability for transportation
engineering. In addition, the research results of red clay are not very versatile
because the physical and mechanical properties of red clay in different regions are
quite different [2]. Therefore, the research on the dynamic characteristics of red clay
is of great significance to the engineering construction in this area.

The domestic and foreign scholars have carried out a series of researches on the
dynamic characteristics of red clay at present. Liu xiaohong et al. [3] studied the
change law of dynamic strain of original structure red clay with vibration under
cyclic loading. The critical dynamic stress of red clay under different water-bearing
ratio, consolidation ratio and confining pressure was obtained. And the influence of
various factors on the critical dynamic stress of red clay and the replacement
thickness of the base bed of the subgrade were analyzed; Li Jian et al. [4] mainly
study the influence of stress history on remolding red clay viscoelastic modulus and
dynamic strength, and the corresponding influence law is obtained; Mu Kun et al.
[5] studied the dynamic characteristics of original structure red clay in the Guangxi
region, and the influence of natural moisture content, confining pressure, consoli-
dation stress ratio, etc. on dynamic elastic modulus and damping ratio of red clay
focus was analyzed; Li Zhiyong et al. [6] estimated the dynamic modulus of red
clay in southern Hunan through dynamic triaxial tests; Fall et al. [7] analyzed the
development law of accumulated plastic strains by conducting cyclic loading tests
on red clay in western Senegal. Many of the research results on red clay are mostly
against the original red clay. And the two-way load with both “pull” and “pressure”
is used to simulate the seismic load in the cyclic loading process, while the real
traffic load has only compressive stress. It will disturb the soil sample and form a
certain overconsolidation after the deep artificial fill foundation is subjected to
dynamic compaction and surcharge preloading in the actual project.

The red clay of the subgrade filler of CNPC Yunnan Petrochemical Railway
special line is studied in this paper. A series of pure-pressure triaxial tests
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simulating real traffic loads using GDS vibration triaxial apparatus was in progress.
The dynamic characteristics of the overconsolidated remolded red clay were
detailed studied. And the effects of confining pressure, dynamic stress ratio and
other factors on the cumulative strain and dynamic strength of the overconsolidated
remolded red clay are also considered.

2 Dynamic Triaxial Test

2.1 Test Soil Samples and Preparation

The test soil sample was taken from the railway loading and unloading yard of
CNPC Yunnan Petrochemical Railway special line factory in Anning, Yunnan
province. It is yellow-brown red clay. The basic physics and mechanics test is
carried out with reference to the relevant specifications of the “Standard for
Geotechnical Test Methods.” Its natural moisture content is 29.47%, the maximum
dry density of compacted red clay is 1.67 g/cm3 as determined by standard com-
paction tests, and the optimum moisture content is 20.77%. Other physical and
mechanical indexes of soil samples are shown in Table 1.

The sample adopts remodeling soil sample. The compaction degree of high-speed
railway subgrade filler is greater than or equal to 92% according to article 6.4.1 of the
“High-Speed Rail Design Code” (TB10621-2014) [1]. And the control dry density
of the soil sample is 1.55 g/cm3, which means that the degree of compaction is 93%.
The quality of dry soil was evenly divided into five times to weigh and then making
it compaction in split chase mold. Shaving at each junction to ensure good contact
between layers made the sample 39.1 mm diameter and 80 mm height. Finally, the
sample is evacuated to saturation by suction saturation method.

2.2 Test Parameter Selection

The test instrument is GDS dynamic cycle triaxial tester with a maximum vibration
frequency of 5 Hz. The test adopts stress control loading method. The overcon-
solidation ratio (OCR) is 1, 2 and 4, respectively, to analyze the dynamic strength
characteristics of overconsolidated remolded red clay formed by dynamic com-
paction and heap preloading combined with the actual load preloading height of the
project in this experiment.

Table 1 Indexes of the physical property of red clay in Anning

Plastic
limit (%)

Liquid
limit (%)

Specific
gravity

Porosity
ratio

Liquid limit
index (%)

Classification by
plastic limit diagram

29.65 51.23 2.62 0.84 21.58 CH
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The confining pressure is different due to the different in situ sampling depth of
soil. Confirming the corresponding effective confining pressure according to the
effective unit weight of soil and sampling depth, the effective confining pressure is
calculated as

r3 ¼ d � c0 ð1Þ

where d = the soil depth; c′ = g � q′ is the effective severity of soil; g = the ac-
celeration of gravity; and q′ = the effective density of soil based on isotropic
hypothesis. The soil extraction depth is 6–15 m. Therefore, 50, 100 and 200 kPa
were selected as the consolidation confining pressure.

The sinusoidal load can be approximated to simulate the vibration effect of traffic
load on subgrade soil according to a lot of research [8]. The train operation mainly
produces low-frequency effect on the subgrade, and the frequency of the most
impact on the subgrade is the vibrational frequency when vehicle passing. It is
related to train length l, driving speed v, etc. [9], namely the frequency = v/l. Take
the G70 tank truck currently used in China as an example, whose length is
11.992 m. The test frequency is set to 5 Hz to simulate the load frequency applied
to the subgrade by heavy-duty trains with a speed of 60 km/h comprehensive
consideration of equipment conditions.

Changing the dynamic stress ratio CSR (CSR = rd/2r3, where rd = the dynamic
stress), the dynamic stress ratio of this test is selected in the range of 0.2–0.6
according to the sample deformation CSR (Table 2).

2.3 Test Loading Step

(1) Making the sample back pressure saturation, the sample is considered to be
fully saturated when the B value is greater than 0.97 in the B test.

Table 2 Parameter for the dynamic triaxial test

Test
number

Overconsolidation
ratio

Confining pressure
r3 (kPa)

Frequency
(Hz)

Critical cycling
stress ratio

D1 1 50 5 0.2–0.6

D2 1 100 5 0.2–0.6

D3 1 200 5 0.2–0.6

D4 2 50 5 0.2–0.6

D5 2 100 5 0.2–0.6

D6 2 200 5 0.2–0.6

D7 4 50 5 0.2–0.6

D8 4 100 5 0.2–0.6

D9 4 200 5 0.2–0.6
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(2) Performing isotropic consolidation under set confining pressure for normally
consolidated soil. In order to obtain an overconsolidated sample, the sample is
consolidated at a large effective confining pressure (r3max) first. And after the
consolidation is stabilized, the effective confining pressure is unloaded to the
set target confining pressure r3 to continue isotropic consolidation. The cor-
responding overconsolidation ratio (OCR = r3max/r3) is obtained after the
water absorption of the sample is stabilized.

(3) Applying the static axial stress r1 (r1 = r3 + rd) to ensure the tensile stress is
not produced when the dynamic load is applied. Followed by the application of
dynamic stress rd for cyclic loading test. Actual subgrade fillers between fully
drained and fully undrained conditions are more likely to destroy the subgrade
without drainage. The dynamic loading process is carried out under undrained
conditions for engineering safety reasons.

3 The Results and Analyses of the Test

3.1 Critical Dynamic Stress

Figure 1 shows the cumulative axial strain curves of different overconsolidated
remolded red clays. It can be seen from the results of the curve change that the
curve can be roughly divided into two types: one is a stable type, which is char-
acterized by the cumulative axial strain rate which gradually decreases with the
increase in the number of vibrations. The sample becomes dense and can resist the
effect of external load after loading for a certain number of times. The sample only
produces elastic strain, and the accumulated axial strain tends to be stable at this
time; the other is a destructive type, which is characterized by a nonlinear increase
in cumulative axial strain with an increasing number of vibrations. The structure of
the sample is destroyed and the accumulated axial strain rapidly increases until the
sample damaged when a certain number of vibrations is reached.

The accumulated axial strain follows vibration development trends consistent
with previous research results [10]. The research of literature [11, 12] shows there is
a critical state between the stable and destructive curves if the dynamic stress is
refined, and the corresponding dynamic stress is called the critical dynamic stress.

The critical dynamic stress is a fixed value under certain conditions in theory. It
is difficult to accurately determine the critical dynamic stress of soil samples
through laboratory tests due to the experimental error and the uncertainty of soil
samples. The maximum dynamic stress of a stable curve is taken as the minimum
value of critical dynamic stress while the minimum dynamic stress of destructive
curve is taken as the maximum value of critical dynamic stress in combination with
actual engineering [13]. It is known from the test results that under the confining
pressure of 50 kPa, the critical dynamic stress range of remolded red clay is 25–
30 kPa when OCR = 1. The critical value for OCR = 2 is 30–35 kPa, and the
critical dynamic stress for OCR = 4 is 45–50 kPa. The above method can be used
to determine the critical dynamic stress range of overconsolidated remolded red
clay under different confining pressures in the test scheme, as shown in Table 3.
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The average value of the critical dynamic stress range under the corresponding
conditions is the critical dynamic stress corresponding to the remolded red clay
combined with Table 3; it is plotted in Fig. 2. It can be seen from Fig. 2 that the
critical dynamic stress of remolded red clay increases approximately linearly with
the increase in overconsolidation ratio and confining pressure, and the greater the
overconsolidation ratio, the greater the incremental gradient. It is more complicated
for the design and construction unit due to a large amount of test work for deter-
mining the critical dynamic stress. The critical dynamic stress obtained by the
experiment is applied to the SPSS software through multiple linear regression in
order to facilitate the engineering application and summarizing the formula for
estimating the critical dynamic stress of remodeled red clay in this area considering
the overconsolidation ratio and confining pressure:

rdcr ¼ 19:286OCRþ 0:257 r3 � 20:833: ð2Þ
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Fig. 1 Accumulated axial strain-cyclic number curves of remolded red clay with different values
of OCR. a OCR = 1, b OCR = 2 and c OCR = 4
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3.2 The Development Law of Cumulative Strain

As can be seen from Fig. 3 that the cumulative axial strain of remolded red clay
increases with the increase in vibration times. It can be seen from Fig. 3a that the
accumulative axial strain increases when the rate of soil decreases accordingly with
the increase in overconsolidation ratio under the same dynamic stress in combi-
nation with Fig. 1. For soil samples with overconsolidation ratios of 2 and 4, the
corresponding cumulative axial strains are 1.15% and 0.25%, respectively, while
the cumulative axial strain of normally consolidated soil reaches 14.25% when the
cyclic dynamic stress rd = 30 kPa. This shows that the ooverconsolidated
remolded red clay can effectively reduce soil deformation [14].

The relation curves of the cumulative strain and dynamic stress of the remolded
red clay were drawn by the overconsolidation ratio of 4 and under each confining
pressure at the time of vibration N = 1000 in Fig. 3b. As can be seen from figure,

Table 3 Values of critical dynamic stress of overconsolidated remolded red clay

Overconsolidation ratio Confining pressure r3 (kPa) Critical dynamic stress range (kPa)

50 25–30

1 100 30–35

200 40–45

50 30–35

2 100 35–40

200 45–50

50 45–50

4 100 80–90

200 130–140

(a) (b)

Fig. 2 Influence of different factors on critical dynamic stress. a Different confining pressure.
b Different overconsolidation ratios
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the cumulative strain decreases as the confining pressure increases under the same
dynamic stress conditions; the accumulative strain curve shows an obvious
inflection point with the increase in dynamic stress. The curve is nonlinear before
the inflection point, and the change trend is small. The curve is linear after the
inflection point, and the change trend is large, which means the sample is destroyed
at this point. It is shown that confining pressure can improve the deformation
resistance of overconsolidated remolded red clay.

It can be seen from Fig. 3c that the cumulative axial strain of the overconsolidated
remolded red clay is very small, and it is basically in the elastic strain stage when the
dynamic stress is small; the accumulative strain of the remolded red clay whose
overconsolidation ratio is 4 will reach the stable condition after the cyclical loading
about 1000 times when the dynamic stress is less than a certain value. The same rule
is found when the overconsolidation ratio is 2 according to Fig. 1; and the cumu-
lative axial strain does not converge when the dynamic stress is greater than 45 kPa.
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Fig. 3 Effect of different factors on the cumulative strain curve of overconsolidated remolded red
clay. a Effects of overconsolidation ratio on the accumulated strain of remolded red clay.
b Influence of confining pressure on the cumulative strain of overconsolidated remolded red clay.
c Effect of vibration times on the cumulative strain of overconsolidated remolded red clay
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3.3 Dynamic Strength Characteristics

3.3.1 Dynamic Strength Curve

Dynamic strength refers to the dynamic stress value of a soil sample when it reaches
damage under the action of a dynamic load [15]. Therefore, the determination of
dynamic strength is related to the selected damage criteria. The standard for the
destruction of soil has not yet reached a unified conclusion at present. Li Jian [4]
found that taking 5–10% as a criterion for determining the dynamic strength of
remodeling red clay is more reasonable. That is, why the cumulative axial strain of
5% has been selected as the damage criterion.

The relationship between soil sample strength sd and vibration times from the
dynamic triaxial test is shown in Fig. 4. As can be seen from figure that the
dynamic strength of red clay decreases with the increase in vibration times. It can be
seen from Fig. 4a that the dynamic strength of red clay increases with the increase
in overconsolidation ratio when the vibrations are the same. This is because the
greater the overconsolidation ratio, the greater the pre-consolidation pressure on the
soil sample. The plastic deformation part cannot be recovered, and the porosity
decreases, i.e., the macroscopic manifestation is the increase in the strength after the
soil sample undergoes unloading and rebound to the average consolidation stress; It
can be obtained from Fig. 4b that the dynamic strength increases with the confining
pressure increase under the same vibration. This is because when the confining
pressure increases, then the lateral restraint effect of the soil increases, the internal
particles become more tightly seized, and the slip between particles is difficult, thus
the soil dynamic strength increases.
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Fig. 4 Dynamic strength curve of overconsolidated remolded red clay under different factors.
a Red clay dynamic strength curves with different overconsolidation ratios. b Dynamic curves of
overconsolidated red clay under different confining pressures
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Using Formula (3) to fit the test data to obtain the cyclic load required under
different conditions of overconsolidated remolded red clay under each vibration, the
fitting results are shown in Table 4.

sd ¼ a lgN þ b ð3Þ

where sd = the dynamic strength; N = damage vibration; a, b = the
fitting parameters.

It can be seen from Table 4 that the correlation coefficient of the dynamic
strength curve is greater than 0.90. This suggests that the vibration times are
obviously related to dynamic strength. The parameter decreases as the overcon-
solidation ratio increases, i.e., the curve becomes steeper and steeper; the parameter
b increases with the increase in the overconsolidation ratio and confining pressure,
i.e., the dynamic strength increases with increasing b-value.

3.3.2 Dynamic Strength Parameters

The damaged dynamic stress is obtained corresponding to the remolded red clay
when the overconsolidation ratio is 1, 2 and 4 when the confining pressure was 50,
100 and 200 kPa and the vibration is 10, 50, 100, 200, 500 and 1000 according to
Formula (3). To find the corresponding dynamic strength index ud, cd on the basis
of the method used in calculating the dynamic strength index in literature [15],
specifically as shown in Fig. 5.

It can be seen from Fig. 5 that both the dynamic internal friction angle ud and
the dynamic cohesive force cd decrease linearly with the increase in the damage
time lgNf. Figure 5a reveals that the dynamic internal friction angle of remolded red
clay increases with the increase in overconsolidation ratio, and the curve ud-lgNf
gradually flattens out with the increase in overconsolidation ratio; Fig. 5b shows
that the dynamic cohesion of remolded red clay is reduced slightly under cyclic
loading, basically remains unchanged when the overconsolidation ratio is 1. And
the curve cd-lgNf is steeper when the overconsolidation ratio is greater than 1

Table 4 Fitting parameters
of dynamic strength curve

OCR Confining
pressure (kPa)

a b R2

1 50 −6.04 44.46 0.97142

1 100 −8.9 61.76 0.94708

1 200 −18.31 97.08 0.96738

2 50 −9.11 62.87 0.99471

2 100 −12.13 81.72 0.90627

2 200 −14.3 105.13 0.96244

4 50 −23.13 106.40 0.99489

4 100 −17.01 132.16 0.99758

4 200 −27.35 220.60 0.99085

306 G. Yang et al.



(OCR = 2, OCR = 4). This indicates that the number of cyclic vibrations has a
greater influence on the cohesion of overconsolidated red clay, and the steeper the
curve the more the overconsolidation ratio increases. It can also be obtained that the
effect of vibration times on the dynamic internal friction angle of overconsolidated
remolded red clay is small, and the effect on dynamic cohesion is greater under the
action of pore-pressure cyclic loading by comparing Fig. 5a, b. This is because the
internal friction angle mainly depends on the soil particle size distribution, mineral
composition, water content, density, formation history and other factors [16].
However, the overconsolidated red clay subjected to higher consolidation pressure
in advance, and the void ratio of the sample decreases while the density increases.
Thus, the cyclical vibration has little effect on the above factors and the internal
friction angle ud changes less in the undrained dynamic triaxial test; The cohesion
force is closely related to the binding force between the particles. The interparticle
bond strength decreases when the vibration times increase; that means the cohesive
force decreases.

4 Conclusion

This paper focuses on the dynamic triaxial test of overconsolidated remolded red
clay due to the phenomenon of overconsolidation formed by preloading of the
high-filled subgrade of CNPC Yunnan Petrochemical Railway special line. The
influence of overconsolidation ratio, confining pressure and dynamic stress on its
dynamic characteristics was selectively analyzed. The conclusion of the experiment
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Fig. 5 Vibration of dynamic strength parameter with cyclic failure number. a The relation curve
between the internal friction angle and the destructive vibration. b The relation curve of dynamic
cohesion and destructive vibration
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can provide some reference value for the engineering and the design of dynamic
parameters of overconsolidated remolded red clay in this area.

• The trend of cumulative axial deformation curves of overconsolidated remolded
red clay is similar to the previous studies which are presented as both destructive
and stable types.

• The critical dynamic stress of overconsolidated remolded red clay is propor-
tional to the overconsolidation ratio and confining pressure according to the test
results, and the linear relationship is satisfied; The empirical formula for esti-
mating the critical dynamic stress suitable for the region has been summed,
which has a certain practical value for the project in the region.

• The influence of overconsolidation ratio, confining pressure and cyclic loading
times on the cumulative axial strain was analyzed. The overconsolidation ratio,
the confining pressure and the cumulative strain increase are inversely propor-
tional while it is directly proportion to the number of cyclic loading.

• The dynamic strength of overconsolidated remolded red clay increases with the
increase in overconsolidation ratio and confining pressure. The dynamic internal
friction angle of remolded red clay increases with the increase in overconsoli-
dation ratio under pure pressure cyclic loading. Moreover, the larger the over-
consolidation ratio, the less obvious the effect of the vibration; the effect of
vibration times on the dynamic cohesive force of overconsolidated remolded red
clay is greater, and it has less effect on the normal consolidation remolded red
clay. The number of vibrations has little effect on the dynamic internal friction
angle of the overconsolidation red clay, but it has a greater influence on the
dynamic cohesion, both of which show a linear downward trend.
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Study on the Stress Deformation
Behaviour of Half-Cover Excavation

Xiu-zhu Yang, Yu-qing Zhang , Jin-shan Lei, Lai-yun Jiang,
Ji-dong Dai and Jian-liang Wu

Abstract With the rapid development of urban rail transit in China, an increasing
number of subway stations are being built in the centres of densely populated and
congested cities. In such scenarios, the foundation pit constructed by one half-cover
excavation can play a balanced role in the construction of the metro station. This
study investigates a half-cover excavation of a subway station structure, considers
the excavation sub-step, compares it with open-cut excavation, and analyses the
force and deformation of the support structure. It also provides some references for
practical construction and information monitoring.

Keywords Subway station � Half-cover excavation � Deep foundation pit �
Numerical simulation

1 Introduction

Cities have built railway systems in order to alleviate traffic congestion on the
ground. However, in the process of metro construction, cities with heavy traffic
have experienced an increase in the number of traffic-related issues, especially in
the construction of the station at the road intersection. Easing the traffic is an issue
that has to be considered in the selection of construction methods. Construction
using the open-cut method is convenient, but this can occupy pavement space for a
long time, which can result in a considerable burden on urban traffic. The concealed
excavation method can solve the above problems but involves a long construction
period, high cost and increased difficulties in the work. The semi-cover excavation
method can effectively alleviate heavy traffic in the city centre, but its support
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structure is complicated, and its deformation law needs to be studied. Guoyong [1]
compared the construction schemes of stations and calculated the force of the
half-cover excavation structure under usual working conditions [1]. Zhang et al. [2]
used an incremental method to analyse the deformation characteristics of the road
surface and wall top of a half-cover excavation station [2]. Ren et al. [3] used
FLAC3D software to study the deformation rules of columns in the foundation pit
of a half-cover excavation station [3]. Because the unbalanced deformation of the
foundation pit structure in the half-cover excavation method is one of the hidden
dangers to the overall stability of foundation pits, it is necessary to study the
similarities and differences between the forces and deformation rules of support
structures at different sides under the conditions of a half-cover excavation method
and open-cut excavation method [4]. Therefore, this study focuses on the con-
struction of a half-cover excavation foundation pit of the pile support structure,
which is used to analyse the force and deformation laws of the structure during the
excavation step.

2 Overview of the Project

The railway station of Xi’an Metro line 5 is located at a busy downtown inter-
section, arranged along the east-west road, with a large vehicle flux on the ground.
The station is a two-storey island type underground station, with the main foun-
dation pit being 253.1 m long, with a standard section width of 21.2 m and depth of
18.1–19.28 m. The construction of the station adopts the method of half-width
cover excavation. The paving system adopts the army girder, cover plate and
asphalt pavement to form a temporary pavement system. The retaining structures of
the foundation pit adopt the bored grouting piles. Furthermore, concrete support and
two steel supports are erected in the foundation pit (see Fig. 1).

Fig. 1 Section of the
supporting foundation pit
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The terrain of the station is relatively flat in general, and the ground buildings
around the station are dense. The stratigraphic conditions in the excavation range of
the foundation pit are mainly the new loess existed in the Late Pleistocene of
Quaternary and the silty clay existed in the Middle Pleistocene of Quaternary. Some
saturated medium sand is contained in the clay layer, but is generally not a layer and
is produced in the lens body. The underground water depth of the site is 9.3–
11.0 m, and the water level elevation is 394.61–398.28 m. The comprehensive
permeability coefficient is 12 m/d. According to the physical and mechanical
properties of the soil in the excavation area provided by the geological exploration
report, soil parameters are shown in Table 1.

The construction and excavation conditions of the station are as follows: ➀ The
retaining pile, temporary pillar and temporary paving are constructed; ➁ the entire
foundation is excavated to −2 m, within the first concrete support (1 m); ➂ exca-
vation of the middle part is to −5.5 m, the width of the soil platform is 2 m at both
sides, with a gradient ratio of 1:1, and then, digging takes place on both sides; ➃
excavation of the middle part is to −9 m, the width of the soil platform is 2 m at
both sides, with a gradient ratio of 1:1. After the earth platform is excavated, the
second steel bracing (−8 m) is constructed; ➄ excavation of the middle part is to
−12 m, the width of the soil platform is 2 m at both sides, with a gradient ratio of
1:1, and then, digging takes place on both sides; ➅ excavation of the middle part is
to −15 m, the width of the soil platform is 2 m at both sides, with a gradient ratio of

Table 1 Physical and mechanical parameters of each layer in the model

No. Soil type Thickness
(m)

Weight
(kN/
m3)

Saturated
unit
weight
(kN/m3)

Cohesion
(kPa)

Internal
friction
angle
(°)

Modulus
E0 (MPa)

Poisson
ratio m

1 1–2
filling

2 17.5 18.5 15 10.0 4.5 0.35

2 3–1–1
loess

5 16.4 18.5 32 23.5 14 0.25

3 3–1–2
loess

2 18.0 19.0 30 22.5 12 0.30

4 3–2
paleosol

3 19.2 19.6 35 26.0 11 0.30

5 3–4 silty
clay

23 19.7 20.1 36 26.5 15 0.29

6 3–7
medium
sand

3 20.0 23.0 0 32.0 18 0.27

7 4–4 silty
clay

19 19.6 19.9 42 23.0 20 0.30

8 4–7
medium
sand

3 21.0 24.0 0 34.0 25 0.26
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1:1. After the earth platform is excavated, the third steel bracing (−14 m) is con-
structed; ➆ excavation of the middle part is to −18.4 m (bottom of the pit), the
width of the soil platform is 2 m at both sides, with a gradient ratio of 1:1, and then,
digging takes place on both sides.

3 The Process of Modelling

3.1 The Simulation Model

In this study, the formation size of a 150 m � 60 m rectangle was adopted, and the
medium sand layer was considered a continuous distribution (see Fig. 2). An
excavation section of rectangular shape was selected, with a width of 21.2 m and
excavation depth of 18.4 m. The U1000@1500 bored piles retain the structure, the
length of the pile on the right side of the section is 24.9 m, and the other side’s
length is 25.4 m. The depth of the intermediate temporary pillar is 45.4, 11.55 m
from the right side and 9.65 m from the left side. Three supports are adopted. The
first support is a concrete support, with an elevation of -1 m. The second and third
supports are steel with elevations of −8 m and −14 m, respectively. The sectional
dimensions and materials of the model structure are shown in Table 2.

In the model, the stratum adopts a 2d plane strain element, the supporting
structure adopts a 1d beam element for simulation, and the overloading of the
ground on both sides of the foundation pit takes 20 kN/m. The temporary pavement
system adopts a zero-gravity plane strain unit, only considering its rigidity, and its
load according to the bridge design code uses the lane load, equivalent to a uni-
formly distributed load of 26 kN/m and a concentrated load of 225 kN/m.

The modified Mohr–Coulomb model was adopted as the constitutive model for
the soil unit of the formation, and the elastic model was adopted for the supporting
structure. The surface is taken as a free boundary, and the left and right boundaries

Fig. 2 Calculation model
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of the model (x = −75 m and x = 75 m) constrain its lateral displacement, while the
lower boundary of the model (y = −60 m) constrains its lateral and vertical
displacement.

3.2 Simulation of Construction Conditions

The model shall clear all displacements after creating an initial stress field, and it
should take into consideration the construction sub-steps of excavating the middle
groove of the foundation pit, simulate according to the setup of the aforesaid
construction conditions, and perform partition block treatment according to the
excavation stage and sequence (see Fig. 3).

In this study, the open excavation method, the half-cover excavation method and
the half-cover excavation method (without consideration of sub-steps) are adopted
for analysis of three working conditions. Among them, the half-cover excavation
method (without consideration of sub-steps) does not take into account a situation
where soil is retained in the middle drawing groove, and earthwork in each stage
was excavated and formed once. See Table 3 for details of excavation zones for
three types of conditions.

Table 2 The size parameters of structures adopted in the model

No. Grid name Grid type Section size Materials Level distance

1 Retaining piles 1D-beam d = 1 C35 1.5 m

2 Concrete support 1D-beam 0.8 * 0.8 C35 7.5 m

3 Steel support 1D-beam D = 0.609, t = 0.016 Steel 3.5 m

4 Temporary pillar 1D-beam D = 1.2 C35 7.5 m

Fig. 3 Working conditions
of excavation
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4 Calculations and Analysis

4.1 Analysis of Lateral Deformation of Retaining Pile Wall

In this example, that right half of the foundation pit is covered with a temporary
cover system, so the comparison analysis of the results of the finite element cal-
culation is conducted on the left and right sides [5]. From the point of view of
whether the half foundation pit is covered with temporary paving, the right side of
the model refers to the half retaining pile on the side of the foundation pit covered
with temporary paving, and the left side refers to the retaining pile without tem-
porary covering on the other side of the foundation pit [6].

According to the working procedure of excavation conditions, the maximum
lateral displacement of the pile body becomes larger with the increasing depth of
excavation in the three groups of analysed cases [7–10]. It can be seen from Figs. 4
and 5 that the lateral displacement of the retaining pile in the foundation pit con-
structed by the open-cut excavation method is basically symmetrical on the left and
right because there is no temporary overlaying on either side of the foundation pit.
At the same time, the mass of the half-width paving itself and the road load acting
on it also have a significant influence on the foundation pit surrounding structure; a
large lateral displacement occurs, especially where the pile top position is close to
the paving. The model analysis results show that the maximum lateral displacement
of piles with the open-cut excavation method is 8.71 mm on the left and 8.83 mm
on the right. The maximum lateral displacement of the pile body using the
half-cover excavation method is 9.71 mm on the left and 8.92 mm on the right. The
maximum lateral displacement of the pile shaft in half-cover (without sub-steps) is
8.52 mm on the left side and 7.85 mm on the right side. In each of the three sets of
analyses, the right half of the model is slightly larger than the left half of the base,
so the lateral displacement of the right side is more than the lateral displacement of
the left side. Meanwhile, in the case of semi-cover excavation, because of the
temporary cover and pavement load on the right side, the lateral displacement of the
pile body on both sides is also influenced. The result shows that the lateral dis-
placement of the left pile body is larger than the lateral displacement of the right
pile shaft.

Table 3 Detailed list of excavation zones at each stage

Sub-step
(open-cut,
half-cover)

Condition Stage1
dig

Stage 2 Stage 3 Stage 4 Stage 5 Stage 6

cut dig cut dig cut dig cut dig cut dig

Excavation
zone

A B1 B2 C1 C2 D1 D2 E1 E2 F1 F2

No sub-step
(half-cover)

condition Stage 1
dig

Stage 2
dig

Stage 3
dig

Stage 4
dig

Stage 5
dig

Stage 6
dig

Excavation
zone

A B1, B2 C1, C2 D1, D2 E1, E2 F1, F2
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Fig. 4 Lateral displacement of the left cast-in-pile

Fig. 5 Lateral displacement of the right cast-in-pile
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The deformation of the wall is closely related to the construction process of the
foundation pit and the surrounding environment. When the construction process is
slow and fails to erect the steel supports in time, the deformation of the piles will
increase, which will appear as a space-time effect. The above effect can be seen
from the comparison of pile body lateral displacement in the case of half cap
excavation (whether or not sub-steps are accounted for). Since the excavating
procedure is divided into the cutting and excavating of the two sides of the earth
platform, when excavating the middle groove, the support is not installed, so the
pile deformation is more serious than in the half-cover excavation method without
the consideration of sub-steps (Fig. 6).

4.2 Analysis of the Bending Moment of the Pile

Retaining pile body bending moments can be calculated by the pile body stress
field, and the relationship between the deformation and the retaining pile itself is
also very close. Figure 7 shows the comparison of the bending moment between the
retaining pile under the excavation method and the pile on the right side of the
foundation pit (including the covered side) under half-cover excavation. The pile
bending moment value of the foundation pit excavation to the pit bottom stage in
three working conditions is compared (see Fig. 8).

As seen in Figs. 7 and 8, the maximum bending moment of the retaining pile in
the foundation pit is basically consistent with the maximum lateral displacement of
the pile body in the process of excavation, and both reach the maximum at the
bottom of the excavation part. The maximum negative bending moment of the
open-cut excavated pile is about 340 kN∙m, and the maximum positive bending
moment is about 280 kN∙m. The maximum negative bending moment of the
half-cover excavation pile body with consideration of sub-steps is about 350 kN∙m,
and the maximum positive bending moment is about 300 kN∙m. For the pile body

Fig. 6 Bar chart of the maximum lateral displacement of the pile
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(a) Open-Cut (b) Half-Cover

Fig. 7 Bending moment of the right retaining pile in different excavation stages

(a) Left side (unpaved) (b) Right side (with cover)

Fig. 8 Comparison of the bending moment of the retaining pile (last stage)
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with the half-cover excavating method, irrespective of sub-steps, its maximum
negative bending moment is about 330 kN∙m and its maximum positive bending
moment is about 280 kN∙m.

At the same time, because of the existence of the temporary cover system, the
foundation pit with half-cover excavation has a large stiffness and heavy load,
which has a significant impact on the bending moment of the pile roof of the side of
the cover. The analysis result shows that the tendency of the pile bending moment
in the three sets of analyses is similar to that of the following parts. It can be
considered that the temporary spreading cover has a certain range of influence depth
on the bending moment of the surrounding pile, which is roughly the depth of the
second support installation node.

4.3 Analysis of Support Axial Force

The internal force of the tensile support structure is affected by pile deformation and
erection of the steel support. When the pile deformation is large, the stress of
reinforcement is also large. Erection of steel support can improve the reinforcement
stress of the envelope. The tensile and compressive stresses on both sides of the
wall also indirectly coincide with the deformation curves of the wall.

The change in the supporting axial force is closely related to the lateral dis-
placement of the wall. When the lateral deformation of the wall increases, the axial
force of steel support clearly changes. At the same time, during the foundation pit
construction, the axial force of the steel support fluctuates greatly due to the
installation and removal of the steel support under earthwork excavation and the
influence of weather and temperature. However, the general trend of the axial force
change of upper concrete support is to increase gradually and then decrease
gradually. The axial force of the first concrete support decreases when the steel
support of the lower layer is installed. In the open excavation method, the axial
force of the first concrete support, that is, the axial tension of the first concrete
support, is positive. It also proves the necessity and importance of using a rein-
forced concrete structure for the first support. Because the steel support itself has
poor tensile performance, tension can easily remove its exposure causing structural
failure; both the compressive and flexural reinforced concrete’s structural members
must have enough safety reserve, which is more applicable to the first line of
support.

In this study, the axial force is treated as positive pressure and negative tension.
As shown in Fig. 9, in the open-cut excavation method of the model, the concrete
support by the maximum tension is about 200 kN, occurring in the second stage
after the groove cutting excavation, and the maximum pressure is about 350 kN,
taking place in the third stage after installation of the second support. Using the
half-cover excavation model, the maximum pressure on the concrete support is
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about 660 kN, also after the installation of the second support. However, the axial
force of excavation in the late stage of both models changes. On the one hand, when
the open-cut model digs at the bottom of the pit, the axial force of the first line of
support changes from pressure to tension. On the other hand, the first support of the
half-cover excavation method increases the pressure when the excavation is close to
the bottom of the pit. It can be seen from Fig. 10, that, with the three groups of
analysis, the axial force variation trend of steel support is similar for each, and it
increases with the excavation.

Fig. 9 Axial force of concrete support

Fig. 10 Axial force of steel support
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5 Conclusion

This numerical simulation mainly analyses the influence of the temporary cover
system on the stress field and displacement field of the supporting structure for the
half-cover excavation of the foundation pit pile support structure. Specific con-
clusions and suggestions are as follows:

(1) In the excavation method, the size of the divided span of the foundation pit has
a certain influence on the lateral displacement imbalance of the pile body. In the
cover excavation foundation pit, the lateral displacement of the pile body on the
opposite side will be greater because one side is covered with half paving.
Therefore, in practical engineering, the deformation perturbation rule of the
foundation pit excavation method type to the surrounding structure and sur-
rounding environment should be taken into account, and measures, such as
increasing the monitoring frequency and installing an inclined brace, should be
taken into account for areas and stages with relatively high risk.

(2) The influence of the temporary pavement on the bending moment of the pile
has a certain range, which is roughly above the second installation node depth.
It is necessary to deepen the design of the temporary retaining pile to ensure
enough safety reserves and prevent the pit from capsizing.

(3) The supporting axial force of the same foundation pit in the case of half-cover
excavation will be greater than that of open-cover excavation, which may be
caused by the influence of the rigidity of the temporary paving system and the
road load of the temporary pavement. A more detailed model will be adopted in
the future, and research will be carried out based on the results and analysis of
the actual monitoring data.

(4) The model hypothesis does not take into account the precipitation conditions,
surrounding buildings and other environmental conditions, which may also
have a certain influence on the results. This will be tested further in the next
study.
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One-Dimensional Consolidation Tests
and Cyclic Triaxial Tests on Structural
Soft Clay in Southeast China

Hongming Liu and Xuecheng Bian

Abstract In this study, a series of one-dimensional consolidation tests and
dynamic tests of Ningbo clay and Wenzhou clay have been carried out. Combined
with the test results of Xiaoshan clay, soil structural property and dynamic response
of different soft clays in southeast China have been investigated. The e-logP curve
showed that three different natural soils all have obvious structural property. For
different soils, the bending point of consolidation curve is different. As to Wenzhou
clay, consolidation curve descended sharply after reaching yield stress. This indi-
cates strong structural property in Wenzhou soil. However, Ningbo clay consoli-
dation curve was relatively smooth compared with Wenzhou and Xiaoshan clay.
Cyclic triaxial tests of Ningbo natural and remoulded soil indicated that natural
sample compared with remoulded sample needs much more dynamic cycles to
reach failure point and then went into a brittle failure state.

Keywords Soft clay � Soil structure � One-dimensional consolidation � Cyclic
loading � Axial strain

1 Introduction

With the economic development of southeast China, large amount of transportation
infrastructures, like high-speed railway, expressway, airport pavement and subway,
have been built. However, soft clay which has the feature of high water content, low
permeability, low strength, high soil porosity and high structural property is deeply
and widely spread in southeast China. The constructing disturbance and operating
cyclic dynamic loading of these transportation infrastructures can induce the
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settlement of lower subgrade which will inevitably threaten the safety of operation.
So in order to ensure the operating safety of transportation infrastructure, it is of
much importance to better understand the soil structural property and dynamic
response pattern of soft clay.

In the last few decades, many researchers have launched related researches on
soft clay. Schmertmann [1] pointed out that consolidation curves of different
degrees of disturbed clays will intersect at 0.42e0. But this method did not consider
structural property. Chen and Hao et al. [2] put forward a method of determining
yield stress of structural clay through consolidation tests on Wenzhou soft clay.
Chen [3] conducted a series of triaxial tests to investigate static and cyclic defor-
mation pattern of Xiaoshan natural and remoulded soft clay.

In this study, one-dimensional consolidation tests of Ningbo and Wenzhou nat-
ural soil were conducted. Test results have been compared with Xiaoshan natural
soil. Then cyclic triaxial tests of Ningbo natural and remoulded soil were carried out.

2 Soil Properties

The soil studied in this paper was taken from Haishu Zone, Ningbo and Wenzhou
railway station, respectively. In order to lower the disturbance of soil samples and
make sure that the mechanical property of testing samples has a good coherence
with original soil, thin-walled tubes with a diameter of 100 mm and a length of
500 mm are used to slowly press into a vertical hole drilled by diesel engine to
required depth, then excavated and sealed carefully back to laboratory. The index
properties of different soft clays are given in Table 1.

Table 1 Soil properties of Hangzhou (Xiaoshan), Wenzhou (railway station), Ningbo (Haishu
Zone)

Soil Initial
density
(kN/m3)

Initial
void
ratio,
e0

Water
content
w (%)

Specific
gravity
Gs

Plastic
limit
wp (%)

Liquid
limit wl

(%)

Plasticity
index Ip

Liquidity
index Il

Xiaoshan
(Chen)

16.14 1.738 62.3 2.734 26.5 53 26.5 1.069

Wenzhou
station
(depth:
16 m)

15.9 1.83 64.2 2.598 28 64 36 0.806

Wenzhou
station
(depth:
25 m)

16.24 1.629 60.1 2.666 28 64 36 0.806

Haishu
Zone
(depth:
25 m)

17.9 1.16 40.4 2.62 23 43 20 0.945
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3 One-Dimensional Consolidation Tests

One-dimensional consolidation curves of these soft clays are shown in Fig. 1. It can
be seen that four different curves have obvious bending point, after which the soil
strength descended quickly. Chen, Hao and Wang et al. [2, 4] put forward two
distinct stress points in consolidation curve of structural clay: pre-consolidation
pressure which is the biggest consolidation pressure that soil ever suffered in history
and yield stress point which is the critical stress that soil can bear. In contrast with
Xiaoshan clay [3], the consolidation curves of Wenzhou clay descended sharply
after reaching yield stress, which means that Wenzhou clay performs more distinct
soil structural property. However, as to Ningbo clay, the consolidation curve is
relatively smooth.

4 Cyclic Triaxial Tests

To investigate the influence of soil structure on dynamic deformation, cyclic triaxial
tests of Ningbo natural sample and remoulded sample have been conducted. The
test apparatus used in this study is the DYNTTS manufactured by GDS Instruments
Ltd., U.K. The natural sample with a diameter of 50 mm and a height of 100 mm
was trimmed from the undisturbed soil which was carefully pushed out from the
thin-walled tubes. The remoulded sample was made through layered compaction by
keeping the same initial dry density. These samples were firstly saturated and then
installed on the pedestal of the apparatus. All the tested samples were isotropically
consolidated under certain effective confining pressures. After that, one-way sinu-
soidal stress-controlled cyclic triaxial tests were conducted under undrained

Fig. 1 One-dimensional
consolidation curve of
different soils
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condition. The conditions of cyclic triaxial tests (including triaxial tests of Xiaoshan
clay by Chen et al. [3]) are list in Table 2.

Figure 2 shows the axial strain response of Ningbo and Xiaoshan clay [3] during
cyclic loading. In cyclic triaxial tests of Ningbo soft clay, natural sample needs
about 13,000 loading cycles to reach an axial strain of 5%. However, it only needs 7
cycles to reach the same axial strain for remoulded sample. Similar result has been
seen in Xiaoshan soil. For cyclic ratio of 0.391, natural sample needs about 10,000
loading cycles, while remoulded sample at even lower cyclic ratio of 0.286 only
needs 150 loading cycles to reach the same axial strain. Due to the structural
property of soft clay, natural sample can resist much more cyclic loading cycles till
the critical axial strain than remoulded sample. Moreover, after reaching the critical
strain at about 3%, the axial strain of natural sample developed almost perpen-
dicularly to the horizontal axis, which performed as a sudden failure with no extra
strength left.

Table 2 Conditions of cyclic triaxial tests

Sample Effective
confining
pressure, r

0
cðkPaÞ

Frequency f
(Hz)

Deviator
stress
rdðkPaÞ

Cyclic stress
ratio
rd=r

0
c

Natural (Wenzhou) 120 1 100 0.833

Remoulded
(Wenzhou)

120 1 100 0.833

Natural (Xiaoshan) 80 1 31.28 0.391

Remoulded
(Xiaoshan)

80 1 22.88 0.286

Fig. 2 Axial strain response during cyclic loading: a Ningbo clay and b Xiaoshan clay (Chen)
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5 Conclusions

Structural property is verified through one-dimensional consolidation tests in soft
clays of Wenzhou, Xiaoshan and Ningbo, among which Wenzhou clay performs
the strongest structural property, while Ningbo clay performs relatively less
structural property than Wenzhou and Xiaoshan clay.

Under cyclic loadings, natural clay compared with remoulded clay needs much
more loading cycles to reach the same axial strain and then went into a brittle failure
state. Soil structure is believed to play an important role in this phenomenon.
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Disintegration Characteristics
and Fractal Features of Red Sandstone
During Drying–Wetting Cycles

Zongtang Zhang, Wenhua Gao, Junqi Zhang, Zhimin Zhang,
Meihui Yi and Xiaoyu Tang

Abstract Samples of different initial particle sizes were made by red sandstone
collected from Zhuzhou of Hunan Province, and the laboratory tests of slaking were
carried out in order to study the influence of samples with different initial particle
sizes for disintegration. Then, the distribution of particle size was researched after
disintegration during drying–wetting cycles, and the variation rules of slake dura-
bility index and fractal dimension were studied based on the tests. Results show that
the percentage of each particle group changes along with cycle times, the per-
centage of each particle group changes along with particle size, and the cumulative
percentage of each group changes along with particle size. Changes were all con-
sistent after the samples with different initial particle sizes disintegrating.
Meanwhile, the slake durability index has a close exponent correlation with the
cycle times. Moreover, the initial particle sizes of samples have a certain influence
on the slake durability index and fractal dimension. Bigger the initial particle size of
samples is, the smaller the slake durability index will be, and the larger the fractal
dimension will be gotten, and the faster the disintegration rate becomes. While the
smaller the initial particle size of samples is, the larger the slake durability index
will be, and the smaller the fractal dimension will be gotten, and the slower the
disintegration rate becomes.
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1 Introduction

The disintegration of the rock is a character with the volume inflating remarkably;
the debris falls off and disintegrates during drying–wetting cycles [1]. The disin-
tegration of rock can cause slope flaking, forming rock cells and then can induce
collapse. Moreover, disintegration causes disasters such as landslides and mud-
slides, and it is one of the sources of various geological disasters. Soft rock has low
strength and poor degrees of cementation, can become inflating, softening and
slaking when in the water and there is a great difference for the disintegration due to
the regional and natural environment and other different factors of soft rock, so it is
of great theoretical and practical significance to research the disintegration char-
acteristics of soft rock. There is a complex mechanism for the slaking of rock, so the
universal rule of disintegration has not been unveiled yet, and most of the existing
results were studied based on the microcosmic factors of rock [1, 2].

The change of dry and wet in nature and the lithology of the rock itself are the
important factors which lead to rock disintegration [3]. Many researchers believe
that the change of humidity is the main control factor of physical weathering of rock
[4, 5]. Gamble [6] suggested that the change of water content in rock is the
main reason which leads to the disintegration of rock. Phienwej [7] advocated that
the disintegration of rock mainly happens in the condition of water absorbed. White
and Blum [8] argued that the effect of temperature for weathering of rock depends
on precipitation. Newman [9] believed that the dissolution of water weakens the
cementation of mineral particles, and disintegration of rock is caused thereby. Guo
[10] pointed out that the slaking of redbed is caused by the coaction of water, heat,
and force. Overall, a few achievements have been accomplished on the research of
disintegration of red sandstone during drying–wetting cycles, and the researches on
the disintegration of red sandstone with different initial particle sizes were rarely
reported. Hence, it is necessary to systematically study the disintegration of red
sandstone with different initial particle sizes during drying–wetting cycles.

The disintegration of rock is caused by the evolution of a large number of small
broken groups, the small broken groups are formed by the evolution of much smaller
fracture, and this self-similar behavior leads to the self-similar fractal feature of the
fracture block distribution after rock fragmentation [11]. Liu [12] established a
mathematical model to simulate the slaking process of soft rock based on fractal
concept, and simulation results show the same developing trend as the experiments
present that the slaking process of soft rock is typical fractal [12]. Zhao [13] researched
the fractal through computer numerical modeling, which further verifies the appli-
cability of fractal theory. So far, there are some researches on the slake durability and
fractal dimension of red sandstone [13]. However, the disintegration characteristics
and fractal features of rock with different initial particle sizes are rarely considered in
the studies. Therefore, the disintegration characteristics and fractal features of red
sandstone with different initial particle sizes during drying–wetting cycles were
studied in this paper. Furthermore, the variation of slake durability index and fractal
dimension was studied based on the laboratory tests after disintegration.
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2 Experimental Study on the Disintegration
Characteristics of Red Sandstone

2.1 Purpose and Design of the Tests

This experiment mainly aims to research on the red sandstone in Zhuzhou, Hunan
Province. The upper rock formation is weathered seriously, and the structure of it is
disrupted, like earthy particles, but can still be identified. The deeper the rock layer
goes, the less the degree of rock weathering develops. The experimental samples
were the new rocks which were collected with no apparent traces of weathering on
the surface. The average of natural moisture content is 5.65%, and the average
dry density is 2.422 g/cm3. The UCS of natural rock specimens is between 6.42
and 6.63 Mpa. Figure 1 shows the rock samples on site, and Fig. 2 shows the
sealed samples in the laboratory.

Fig. 1 Rock samples on site

Fig. 2 Sealed samples
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According to the regulation for testing the physical and mechanical properties of
rock (DZ/T 0276.9-2015) [14], disintegrating tests were conducted. In order to
study the disintegration characteristics of red sandstone with different initial particle
sizes, rock cutting machine was used to obtain two groups of rock samples named
as sample 1 and sample 2. The production process of samples is difficult due to the
low strength of the red sandstone, so it is difficult to experiment with the samples of
identical particle sizes in the same group. Hence, based on the existing results [15,
16], the form of prepared samples was presumed to be spherical, and the density of
each sample of each group is presumed to be uniform. According to the initial mass
and density of each sample, the initial particle size was calculated. The initial
particle sizes of sample 1 are between 7.91 and 7.95 cm, and the mean value is
7.93 cm. The initial particle sizes of sample 2 are between 4.75 and 4.94 cm, and
the mean value is 4.85 cm.

The laboratory tests of disintegration during drying–wetting cycles were carried
out in this procedure. ① Prepared natural samples were placed into the oven (105–
110 °C), until they reached a constant weight. Later, they were cooled to ambient
temperature in a dryer. ② Samples were placed into open containers separately.
Tap water was infused into the containers to completely submerge the samples.
Then, samples were soaked for more than 24 h. ③ Samples were taken out and
then placed into the oven (105–110 °C). Until they reached a constant weight, they
were cooled to ambient temperature in the dryer. Next, the standard sieves were
used to sieve the residual samples, and the diameters of sieves were 60, 40, 20, 10,
5, 2, 1, 0.5, 0.25, and 0.075 mm. Moreover, the residual samples were weighed and
recorded. The residual samples which were less than 0.075 mm could be calculated
through the conservation of mass. The completion of steps of ② and ③ meant that
the first drying–wetting cycle was completed. Then, the above steps of ② and ③
were repeated until N times of drying–wetting cycles were reached.

2.2 The Results and Analyses of Tests

Phenomena of tests: A large number of bubbles emerged immediately when the
samples were put into the water. It is found that samples began to fall off in pieces
and bulks in about 3 min. After that, samples began to disperse in large bulks about
10 min later (as shown in Figs. 3 and 4). Then, sample 1 and sample 2 disintegrated
completely in 30 min (as shown in Figs. 5 and 6). The objects of disintegration
were lumpy, flaky, granular and muddy. According to Wu [2], the grades between
strong and feeble for disintegration characteristics of red sandstone [2] the samples
used in this study have a strong grade.

Distribution of particle size of disintegration: The disintegration of rock is a
process in which large particles gradually change into small particles, so it is of
great significance to study the distribution characteristics of particle size after
disintegration.
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Figure 7 is the graph for cycle times and percentage of each particle group of
sample 1, and Fig. 8 is the graph for cycle times and percentage of each particle
group of sample 2. As shown in the graph, after the disintegration of both samples,
the percentage of each particle group over 5 mm of particle size decreases as the
cycle times increases, the percentage of particle group whose particle size is
between 5 and 2 mm increases first and then decreases with the increase in cycle
times and the percentage of each particle group whose particle size is smaller than
2 mm increases as the cycle times increases.

Figure 9 is the graph for particle size and percentage of each particle group of
sample 1, and Fig. 10 is the graph for particle size and percentage of each particle
group of sample 2. As shown in the graph, there are two maximum points in the
curve, and the percentage of the 5–2 mm group of both samples is the largest.

Fig. 3 Disintegration of
10 min of sample 1

Fig. 4 Disintegration of
10 min of sample 2
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Fig. 5 Disintegration of
30 min of sample 1

Fig. 6 Disintegration of
30 min of sample 2
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Figure 11 is the graph for particle size and cumulative percentage of each par-
ticle group of sample 1, and Fig. 12 is the graph for particle size and cumulative
percentage of each particle group of sample 2. As shown in the graph, when the
particle size is less than 5 mm, the curve increases faster, the curve growth rate
approaches linear growth, and the slope is larger. When the particle size is larger
than 5 mm, the curve increases slowly and gradually becomes stable.

As shown in Figs. 7 and 12, although the percentage of each particle group is
slightly different after the disintegration of two samples, the trend of the curve is
quite similar. The percentage of each particle group changes along with cycle times,
the percentage of each particle group changes along with particle size, and the
cumulative percentage of each group changes along with particle size; changes are
consistent with different initial particle size disintegration.

Disintegration characteristics: The slake durability index of rock is defined (DZ/T
0276.9-2015) as the percentage of the residual mass and the original quality when
samples have undergone standard drying–wetting cycles twice. The disintegration of
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rock is studied in this paper when cycles have attained N times. The drying–wetting
cycles of samples are extended toN times, so the definition of the slake durability index
is modified.

IdN ¼ mN

md
� 100% ð1Þ

where IdN is the modified slake durability index (%), md is the drying quality of
original samples (g), and mN is the drying quality of residual samples in a cycle of
N times.

Figure 13 is the graph for cycle times and slake durability index of samples. As
shown in Fig. 13, slake durability index gradually reduces with the increase in cycle
times, and the degree of reduction gradually diminishes. Cycle times and slake
durability index are fitted as following formula.

IdN ¼ AeBN ð2Þ

where IdN is the slake durability index of samples (%), N is the cycle times, A and
B are the fitting parameters, and Table 1 gives the fitting parameters of N-IdN.

As shown in Fig. 13 and Table 1, the slake durability index has a close expo-
nent correlation with the cycle times. Moreover, the different initial particle sizes of
samples have certain influence on the slake durability index, and the bigger the
initial particle size of samples is, the smaller the slake durability index will be, and
the faster the disintegration rate becomes (such as sample 1), while the smaller the
initial particle size of samples is, the larger the slake durability index will be, and
the slower the disintegration rate becomes (such as sample 2). On the other hand,
the curve in Fig. 13 shows an intersection point when the third cycle times, and
from first to third cycles do not satisfy the above rule.
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3 Study on Fractal Features of the Disintegration of Red
Sandstone

3.1 The Solution of a Fractal Dimension Based
on the Relation of Quality and Particle Size

Although Wilson-Fahmy [17] and Gilbert [18] described the fractal dimension
successively, there is still no clear definition of fractal due to the complexity of the
process. However, it is recognized that the local system in some way similar to the
whole is the most basic feature of fractal. For the process of disintegration of rock
during drying–wetting cycles, it is the result of internal cracks of rock producing,
developing, expanding, and connecting continually on the macroscopic view. In
fact, it is also the nonlinear dynamic process of dissipation of energy. The distri-
bution of cracks and the scale of the fragments show good self-similarity and had
good fractal features [19]. The percentage of each particle group can be obtained
directly in the laboratory experiments after disintegration, also the reliable data can
be collected, and the method is easy to operate in this way. Thus, the solution of the
fractal dimension is employed based on the relation of quality and particle size.

Xie [20] indicated that if the lumpiness of broken rock satisfies the distribution
of fractal, then the formula is

Ni ¼ CR�D
i ð3Þ

where Ri is the characteristic size of residual samples, Ni is the number of residual
samples for characteristic size Ri, C is the proportionality constant, and D is the
fractal dimension of fragmentation distribution of residual samples.

The distribution of size-frequency for the fragment of residual samples is

MðrÞ=M ¼ 1� exp � Ri=rð Þb
h i

ð4Þ

where M(r) is the cumulative mass of fragment that diameter is less than Ri, M is
the total mass, r is the quantity that associated with the mean size, and b is the
exponent of distribution of size-frequency.

As shown in Figs. 11 and 12, the rules of distribution of particle size after the
disintegration of samples satisfy Eq. (4), and Eq. (4) is expanded by Taylor series,
and then the higher-order terms are neglected. So the following formula can be
obtained.

Table 1 Fitting parameters of N-IdN

The name of relationship A B Correlation index R2

N-Id of sample 1 106.67 −0.109 0.9935

N-Id of sample 2 92.635 −0.060 0.9955
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MðrÞ=M ¼ Ri=rð Þb¼ r�bRb
i ð5Þ

As Eq. (5) shows, the cumulative percentage of each particle group and particle
size is fitted. So b can be calculated.

Take the derivative of Eqs. (3) and (5), respectively.

dN / R�D�1
i dR ð6Þ

dM / Rb�1
i dR ð7Þ

From the relationship between mass and the size of lumpiness, M is proportional
to R3.

dN / R�3
i dM ð8Þ

From Eqs. (6)–(8), the following formula can be obtained.

R�D�1
i / R�3

i Rb�1
i ¼ Rb�4

i ð9Þ

That is

D ¼ 3� b ð10Þ

3.2 Results Analysis

According to Sect. 3.1, the data of Figs. 11 and 12 are fitted, so the fractal
dimension of disintegration of rock can be obtained by Formula (10). As shown in
Fig. 14, due to limit space, the solution of b of sample 1 is just provided in the first

0 10 20 30 40 50 60
0

20

40

60

80

100

120

140

M(r)/M=5.8513Ri
0.7594, R2=0.9814

 Experimental curve of sample 1 in the first cycle
 Fitting curve of sample 1 in the first cycle

M
(r

)/M
 (%

)

Ri (mm)

Fig. 14 Fitting function for
the first drying–wetting cycle
of sample 1

Disintegration Characteristics and Fractal Features of Red … 341



T
ab

le
2

Fi
tti
ng

pa
ra
m
et
er
s
an
d
fr
ac
ta
l
di
m
en
si
on

(D
)
of

sa
m
pl
es

du
ri
ng

dr
yi
ng
–
w
et
tin

g
cy
cl
es

C
yc
le

tim
es

1
2

3
4

5
6

7
8

9
10

11

Sa
m
pl
e
1

b
0.
75
94

0.
58
10

0.
54
03

0.
48
99

0.
46
18

0.
42
58

0.
38
62

0.
36
10

0.
34
32

0.
32
48

0.
30
84

R
2

0.
98
14

0.
96
83

0.
95
66

0.
95
08

0.
93
92

0.
93
36

0.
93
17

0.
92
16

0.
91
11

0.
89
64

0.
88
57

r
9.
8
�

10
−
2

1.
3
�

10
−
2

6.
1
�

10
−
3

2.
3
�

10
−
3

1.
2
�

10
−
3

4.
9
�

10
−
4

1.
6
�

10
−
4

6.
7
�

10
−
5

3.
3
�

10
−
5

1.
5
�

10
−
5

6.
7
�

10
−
6

D
2.
24
06

2.
41
90

2.
45
97

2.
51
01

2.
53
82

2.
57
42

2.
61
38

2.
63
90

2.
65
68

2.
67
52

2.
69
16

Sa
m
pl
e
2

b
1.
16
15

0.
61
34

0.
56
43

0.
53
88

0.
53
70

0.
49
98

0.
44
52

0.
42
70

0.
40
67

0.
39
39

0.
38
15

R
2

0.
79
56

0.
96
63

0.
95
57

0.
94
47

0.
93
37

0.
93
14

0.
93
25

0.
92
78

0.
91
96

0.
91
34

0.
90
36

r
4.
1
�

10
−
1

1.
6
�

10
−
2

7.
6
�

10
−
3

4.
8
�

10
−
3

4.
4
�

10
−
3

2.
3
�

10
−
3

7.
5
�

10
−
4

4.
7
�

10
−
4

2.
7
�

10
−
4

1.
8
�

10
−
4

1.
2
�

10
−
4

D
1.
83
85

2.
38
66

2.
43
57

2.
46
12

2.
46
30

2.
50
02

2.
55
48

2.
57
30

2.
59
33

2.
60
61

2.
61
85

342 Z. Zhang et al.



drying–wetting cycle. As shown in Table 2, the fractal dimension is obtained by
Formula (10). Figure 15 is the graph for fractal dimension and cycle times.

As Eq. (4) shows, r is the quantity that associates with the mean size. r is
obtained by the fitting function (as shown in Table 2). In the process of disinte-
gration, the particle size of residual samples reduces constantly with the increase in
cycle times, so the average particle size decreases gradually, and r also reduces
gradually. As shown in Table 2, the changing rule of actual value is consistent with
theoretical analysis for r.

As shown in Fig. 15, the fractal dimension of sample 1 is larger than sample 2.
The degree of growth for both curves decreases gradually; the curves tend to flatten
gradually. So the difference of initial particle size of samples has a certain influence
on the fractal dimension. That is, the bigger the initial particle size of samples is, the
larger the fractal dimension will be, and the faster the disintegration rate becomes
(such as sample 1). While the smaller the initial particle size of samples is, the
smaller the fractal dimension will be, and the slower the disintegration rate becomes
(such as sample 2). The difference in initial particle size results in a different rate of
disintegration, and the main reasons are as follows. The larger the initial particle
size of the samples is, the more internal defects which are caused by the natural
environment, the lower the strength will be, and the faster the disintegration rate
becomes.

Fractal dimension is calculated by the distribution of multiple particle groups
after disintegration, and the distribution of each particle group can be considered
after disintegration. But the slake durability index just reflects the distribution of
two particle groups (that is, larger than 2 mm and less than 2 mm) after disinte-
gration. So the fractal dimension is more suitable for describing the disintegration
of rock than the slake durability index.

0 2 4 6 8 10 12
1.8

1.9

2.0

2.1

2.2

2.3

2.4

2.5

2.6

2.7

2.8

 Fractal dimension of sample 1
 Fractal dimension of sample 2

Fr
ac

ta
l d

im
en

si
on

 D

Cycle times N

Fig. 15 Graph for fractal
dimension-cycle times

Disintegration Characteristics and Fractal Features of Red … 343



4 Conclusions

(1) The percentage of each particle group whose particle size is greater than 5 mm
decreases as the cycle times increase, the percentage of particle group whose
particle size is between 5 and 2 mm increases first and then decreases with the
increase in cycle times, and the percentage of each particle group with a particle
size smaller than 2 mm increases as the cycle times increase after red sandstone
disintegration.

(2) Although the percentage of each particle group is slightly different after the
disintegration of the different initial particle sizes, the trend of the curve is very
similar. The percentage of each particle group changes along with cycle times,
the percentage of each particle group changes along with particle size, and the
cumulative percentage of each group changes along with particle size; changes
are all consistent.

(3) The slake durability index of samples presents a close exponent correlation
with the cycle times, and the difference of the initial particle size of samples has
a certain influence on the slake durability index. The smaller the initial particle
size of samples, the larger the slake durability index will, the bigger the initial
particle size of samples, the larger slake durability index will be obtained.

(4) Distribution of particle size of disintegration can be described by a fractal
dimension which is based on the relation of quality and particle size, and the
difference of initial particle size of samples has a certain influence on the fractal
dimension. The larger the initial particle size of samples, the bigger the fractal
dimension, and the faster the disintegration rate becomes. The smaller the initial
particle size of samples, the smaller the fractal dimension, and the slower the
disintegration rate becomes.
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HCA Study of Permanent Deformation
of Sand Under Train-Induced Stress
Path Considering Variable Confining
Pressure

Juan Wang, Yanfei Xiong and Dariusz Wanatowski

Abstract In this paper, a typical stress path experienced by subsoil in a railway
foundation is used in a dynamic hollow cylinder apparatus (HCA) to obtain cyclic
responses of soils subjected to moving trainloads. This is achieved through varying
axial force, torque, inner and outer confining pressures independently during each
load cycle. A multistage test using the specific stress path is conducted on Leighton
Buzzard sand considering various magnitudes of the trainloads. Comparative
studies using constant confining pressures are also carried out. It is found that in
both cases with constant or variable confining pressures, the long-term deformation
mechanism of the sand tends to change from shakedown to incremental collapse as
the load level is increased. It was noticed that the increase rates of vertical per-
manent strain of the two cases are close if they have similar maximum ratios of
deviator stress to mean effective stress (q/p)max and ratios of peak deviator stress to
average mean effective stress qmax/pavg.

Keywords HCA � Trainloads � Variable confining pressure � Stress path testing

1 Introduction

Permanent deformation of track foundations directly controls the long-term per-
formance of railway tracks. It is, therefore, one of the most important factors
considered in the design of railway foundations [1–3]. The previous studies have
demonstrated that repeated moving trainloads could result in considerable perma-
nent deformation of track foundations; however, it is found difficult to predict the
train-load induced permanent deformation.

J. Wang � Y. Xiong (&)
Ningbo Nottingham New Material Institute,
University of Nottingham Ningbo, Ningbo, China
e-mail: yanfei.xiong@nottingham.edu.cn

D. Wanatowski
School of Civil Engineering, Faculty of Engineering, University of Leeds, Leeds, UK

© Springer Nature Singapore Pte Ltd. 2020
E. Tutumluer et al. (eds.), Advances in Environmental Vibration
and Transportation Geodynamics, Lecture Notes in Civil Engineering 66,
https://doi.org/10.1007/978-981-15-2349-6_22

347

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-15-2349-6_22&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-15-2349-6_22&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-15-2349-6_22&amp;domain=pdf
mailto:yanfei.xiong@nottingham.edu.cn
https://doi.org/10.1007/978-981-15-2349-6_22


Cyclic testing of soil elements is commonly used to evaluate the long-term
responses of soils under repeated traffic loads. A number of such studies have been
conducted by using cyclic triaxial tests, which reproduce the variation of the
principal stresses [4]. In recent years, several researchers [e.g. 5–7] found that the
rotation of principal stress axis existing in the whole service life of track founda-
tions has a considerable effect on the increase of plastic strain in granular soils.
Furthermore, it was noted that the rotation of principal stress is accompanied by the
variation of deviator stress, leading to a complicated loading path [8]. Qian et al. [9]
applied a traffic-induced heart-shape deviator stress path on a saturated clay through
varying torsional shear stress and normal stresses while keeping a constant con-
fining pressure. They found larger permanent axial strains compared to those
obtained from cyclic triaxial tests. Despite those efforts in simulating the realistic
field stress condition, the works were conducted by matching the stress path in the
deviatoric stress plane only.

In this study, the deformation behaviour of sand under a realistic train-induced
stress path will be studied using a dynamic hollow cylinder apparatus
(HCA) through simultaneously varying axial load, torque, inner and outer confining
pressures during each load cycle.

2 Laboratory Test

2.1 Apparatus

The dynamic HCA manufactured by GCTS is used in this study. It allows inde-
pendent controls of axial load W, torque MT, inner confining pressure pi, outer
confining pressure po and back pressure, so that the changes of stresses (rz, shz, rh
and rr) in the soil element can be simulated, as shown in Fig. 1. The radial
direction is fixed as the direction of intermediate principle stress r2, and a is the
direction of major principal stress r1 relative to the vertical direction. The HCA
specimens have a height of 200 mm, an internal radius ri of 30 mm and an external
radius ro of 50 mm.

In this study, the mean effective stress is defined as p ¼ r1 þ r2 þ r3ð Þ=3; the
deviator stress is defined as q ¼ r1 � r2ð Þ2 þ r1 � r3ð Þ2 þ r2 � r3ð Þ2

h i.
2

n o0:5
.

The tests are conducted in a drained condition, and all the stresses used in this paper
are effective stresses.

2.2 Sample Preparation

Leighton Buzzard sand fraction B is used in this study. Its index properties are
presented in Table 1. A moist sand specimen is placed between the inner and outer
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moulds and tamped in eight layers (each layer 25 mm in height) to reach a relative
density of around 58%.

As the specimen is sealed by inner and outer membranes, a vacuum of 90 kPa,
equal to −90 kPa of effective stress, is imposed on the specimen to drive the air out
of the sand and to keep the specimen stable. Then, a tube valve connected to the
bottom of the specimen is opened to suck de-aired water into the specimen until it is
fully filled. Afterwards, the specimen is left with 30 kPa effective confining pres-
sure for 12 h. When the Skempton B-value is over 0.97, the specimen is regarded as
fully saturated. Finally, before cyclic loading, the stresses (rz, shz, rh and rr)
applied to the specimen were increased linearly to reach the initial stress state of the
soil, which was maintained for more than 8 h until a stable state is achieved.

Fig. 1 Idealised stress and strain components within the HCA: a hollow cylinder specimen
subjected to loads; b element component stresses; c element principal stresses; d element
component strains (after Zdravkovic and Jardine [10])

Table 1 Physical properties
of Leighton Buzzard sand
fraction B

Property Leighton buzzard sand

Mean grain size (mm) 0.62

Effective grain size (mm) 0.45

Uniformity coefficient 1.56

Specific gravity 2.65

Minimum void ratio 0.52

Maximum void ratio 0.79
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2.3 Stress Path

The cyclic stress path and the initial stress state in the HCA test are obtained using
the results of a three-dimensional finite element analysis of a typical Rheda 2000
single track system. Figure 2 shows the stress path used in this study for a point at
the top of the subsoil layer on the vertical symmetric plane. Four axles belonging to
two adjacent bogies on two carriages are considered. The standard loading case
uses axle loads of 250kN. Hight’s equations [11] were used to calculate corre-
sponding axial load, torque, inner and outer confining pressures. To ensure a fully
drained condition and a good capture of the changes of the confining pressures, a
time period T of 32.5 s was selected in this study.

2.4 Test Program

Two multistage repeated loading tests (MRLT) are conducted. MRLTV uses the
realistic stress path with varying inner and outer confining pressures (Fig. 2), while
MRLTC keeps the confining pressures constant (equal to the initial values). Both
tests include four stages of loads, the magnitudes of which are shown in Table 2.
The amplitude multiplier 1 represents the standard loading case. The amplitude
multipliers 1.48 and 2.83 are chosen for MRLTC so that their peak stress ratios, q/
p (deviator stress/mean effective stress), are identical with those of the second and
fourth stages of MRLTV, respectively. The number of loading cycle for each stage
of MRLTV and MRLTC is 3000.
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3 Test Results and Discussion

3.1 Axial Permanent Deformation

The development of vertical permanent strain for the MRLTV and MRLTC
throughout the loading stages is presented in Fig. 3. More details are provided in
Table 3.

For all the four stages of both MRLTV and MRLTC, the axial permanent
deformation developed mostly during the initial cycles. Over 50% of the permanent
strain was developed during the first 100 cycles, which is similar to the results of
Yu et al. [12]. This sharp increase at early stage is most obvious in the cases with

Table 2 Test program

Case Loading stage Amplitude multiplier (q/p)max

MRLTV I 1 0.95

II 2 1.08

III 3 1.18

IV 4 1.27

MRLTC I 1 0.99

II 1.48 1.08

III 2 1.16

IV 2.83 1.27

Fig. 3 Permanent deformation of MRLTV and MRLTC
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low stress amplitude in MRLRV, as shown in Table 3. It implies that the specimen
tends to reach a relatively stable state more quickly when subjected to a smaller
load. It is interesting to notice that the trend is reversed in MRLRC. Two reasons
might interactively affect this difference. First, the samples at latter stages have
higher initial densities due to compactions in the former stages, which make further
compaction more difficult. Second, the mean confining pressure in MRLTC is
relatively low so that the sample tends to expand in the radial direction and thus
deforms more in the vertical direction. This effect might be more significant under a
higher load level. In addition, the first loading stage of MRLTC results in a slight
dilation of the specimen, similar to the observation of Miura [13].

3.2 Axial Permanent Strain Increase Rate

The increase rate of vertical permanent strain against the cumulative vertical per-
manent strain is plotted in Figs. 4 and 5 for MRLTV and MRLTC, respectively.

As demonstrated in Fig. 4, the total vertical permanent strain reaches a stable
value at the end of stages I and II, and the vertical permanent strain rate drops to a
very small value of around 10−8 per cycle. At the end of stage III, the strain rate is
still around 10−7 per cycle. During stage IV, the permanent strain keeps a slow but
stable growth with a strain rate slightly higher than 10−7 per cycle. Overall, the final
strain rate is higher at a larger load magnitude. The MRLTC case shows the same
trend. Tao [14] classified the soil behaviour under multistage repeated loading tests
into Range A (entirely resilient after post-compaction or ‘shakedown’), Range B
(incremental collapse after a large number of loading cycles) and Range C (in-
cremental collapse) with two boundary values of vertical permanent strain rate,
10−8 and 10−7 per cycle. Based on the observations from Figs. 4 and 5, responses of
MRLTV and MRLTC are likely within Range A during stages I and II, within
Range B during stage III and within Range C during stage IV.

Table 3 Permanent deformation development of MRLTV and MRLTC

Case Loading
stage

Total strain
increase: ST (%)

Strain increase during first 100
cycles: S100 (%)

S100/ST
(%)

MRLTV I 0.03807 0.03735 98.1

II 0.03939 0.03258 82.7

III 0.10753 0.07855 73.0

IV 0.18793 0.09442 50.2

MRLTC I −0.00249 −0.00169 67.9

II 0.02190 0.01497 68.4

III 0.06658 0.04779 71.8

IV 0.28015 0.20368 72.7
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Fig. 4 Vertical permanent strain increase rate of MRLTV

Fig. 5 Vertical permanent strain increase rate of MRLTC
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Figure 6 directly compares the MRLTV-II stage and the MRLTC-III stage, both
of which have a load amplitude multiplier of 2. It is found that the axial permanent
deformation of MRLTC-III grows faster than that of MRLTV-II, since the average
increase rate of the former case is higher than the latter one. This implies that the
variable confining pressures in MRLTV-II helps restrain further increase of vertical
permanent deformation.

It is further found that the increase rate of the vertical permanent strain is related
to the maximum stress ratio (q/p)max. As shown in Figs. 7 and 8, cases MRLTV-IV
and MRLTC-IV, both of which have (q/p)max = 1.27, show very similar strain rates
after 1500 load cycles. It should be noted that the end of the previous stage in Fig. 7
is regarded as the initial state of the specimen with zero strain. Similar strain rates
are also observed for the cases MRLTV-II and MRLTC-II, both of which have
(q/p)max = 1.08. Another factor that might also contribute to the similar increase
rates is the ratio of peak deviator stress to average mean effective stress qmax/pavg
since they are very close in these two comparisons (1.17 and 1.15 in MRLTV-II and
MRLTC-II, respectively; 1.47 and 1.43 in MRLTV-IV and MRLTC-IV, respec-
tively). More evidence is needed to demonstrate the influence of these two factors.
In addition, it should be noted that a higher loading frequency is expected in the real
case scenario under a normal train speed, which probably will cause larger per-
manent strains and higher strain increments, as studied by Sun et al. [15].

Fig. 6 Comparison between MRLTV-II and MRLTC-III
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Fig. 7 Comparison of vertical permanent strain between MRLTV-IV and MRLTC-IV

Fig. 8 Comparison of vertical permanent strain increase rate between MRLTV-IV and
MRLTC-IV
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4 Conclusion

The deformation characteristics of Leighton Buzzard sand under a realistic
train-induced stress path are investigated. Some preliminary results are presented in
this paper. It is found that the long-term deformation mechanism of the sand tends
to change from shakedown to incremental collapse as the load level is increased.
The comparison between cases with variable and constant confining pressure
demonstrates the importance of simulating variable confining pressure in the
experimental study. Moreover, it is found that the increase rate of the vertical
permanent strain is closely related to the maximum stress ratio (q/p)max, and it
might also be affected by the ratio of peak deviator stress to average mean effective
stress qmax/pavg. Further investigations will be conducted to consider the effect of
these two factors in more detail.
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Ground Vibration of Viaduct
and Pile-Group Foundation Induced
by Moving High-Speed Train

Guang-yun Gao, Wei Xie and Jian Song

Abstract Semi-analytical coupling model of train, track-bridge, bridge pier,
group-pile foundation was established. Train was simulated by a mass-spring-
damping model, and the bridge vibration was solved by incorporating the slab track
equation of motion into the bridge model. Combined with pile-group foundation
model, the ground vibration analysis model of viaduct with pile-group foundation
under high-speed railway loading was established. Vibration of the upper stiff-layer
and lower soft-layer ground and the upper soft-layer and lower stiff-layer ground
was studied. Moreover, the influence of pile parameters on the ground vibration was
analyzed. Results indicate that the vibration in the pile center of the upper stiff-layer
and lower soft-layer ground is larger than that of the upper soft-layer and lower
stiff-layer ground when the vehicle speed is less than 300 km/h. For the upper
soft-layer and lower stiff-layer ground, the ground vibration acceleration increases
significantly at the speed of 350 km/h due to the vehicle speed is close to the
shear-wave velocity of surface soft soil, hence the speed of train should be avoided
to approach the shear wave of the surface soil. Acceleration of ground vibration
induced by a moving train increases with increasing pile diameter and pile length,
particularly for high vehicle speeds. Appropriate design of group-pile foundation
can reduce the ground vibration.

Keywords High-speed train � Viaduct � Group-pile foundation �
Layered foundation � Ground vibration
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1 Introduction

In order to avoid the structural damage caused by the differential settlement of the
subgrade and to ensure the safe operation of the high-speed trains, viaducts sup-
porting on pile-groups are becoming a dominating foundation type for high-speed
railways. Environmental vibration induced by high-speed trains can be annoyance
to adjacent residents, cause possible damage to old and historical buildings, and
interrupt the operation of sensitive instrumentation [1]. As people’s requirements
for living environments have become stricter and the precision of high-tech
instruments improved, ground vibration problems continue to receive attention
from researchers in recent years. Study on ground vibration caused by moving
trains in elastic soils, saturated soils, and transversely isotropic soils has been
widely reported [2–4]. Considering the effect of bridge structure and pile-group
foundation, environmental vibration induced by high-speed trains moving on via-
duct supporting by group-piles would be significantly different. Hence, it is
essential to study the ground vibration induced by trains running on viaducts with
group-pile foundation.

During the past decades, numerical methods with different accuracy have been
developed to investigate environmental vibration induced by high-speed trains
operating on viaduct. Among these, Ju and Lin [5] established a three-dimensional
finite element model of viaduct soil to analyze the ground vibration induced by the
passing train on bridge structures. Combing finite element (FE) and boundary
element (BE) method, Romero et al. [6] established a three-dimensional FE-BE
model for predicting vibrations caused by trains passing over the bridge. Based on
thin-layer method and finite element method, a novel numerical analysis model for
ground vibration caused by the passing train on viaduct was proposed by Takemiya
[7]. However, a three-dimensional modeling of the vehicle-bridge-pile foundation-
soil is difficult and expensive.

In view of this, semi-analytical method and field test are used to study
train-induced ground vibrations with viaduct and group-pile foundations. Cao et al.
[8] established a semi-analytical model to predict the ground vibration induced by
high-speed train running through continuous girder bridge. To capture the char-
acteristics of ground vibration induced by moving train on viaduct, Yong et al. [9]
proposed a semi-analytical method to analyze the influence of vehicle speed, bridge
span, and stiffness of the bridge pier on the ground vibration. Through field mea-
surement, Xia et al. [10] investigated the vibration induced by high-speed train on
adjacent buildings.

In summary, few of the current studies discussed the influence of soil structure
and pile parameters on the ground vibration induced by moving train on viaduct.
Moreover, the method of rational design of pile foundation to reduce ground
vibration is still insufficient. In this study, a coupled semi-analytical model com-
promising of the train, track, bridge, bridge pier, group-pile foundation, and the
subgrade soils was established, and the dynamic response of viaduct foundation
was solved. The vibration of two types of layered subgrade was studied, i.e., upper
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stiff-layer and lower soft-layer ground and the upper soft-layer and lower stiff-layer
ground. In addition, the influence of the pile parameters on the ground vibration of
the pile-group foundation was analyzed.

2 Train, Track-Bridge, Bridge Pier, and Pile-Group
Foundation Model

2.1 Train Model

Figure 1 shows the schematic of the train, track-bridge, bridge pier, group-pile
foundation coupled system. In this paper, the model proposed by Liang et al. [11] is
used to simulate the moving train load. This model considers the effect of wheel
forces and adjacent wheelsets, dispersed effect of sleepers, and the effect of track
irregularities. The load formula is given as:

FðtÞ ¼ k1k2ðP0 þP1 sin x1tþP2 sin x2tþP3 sin x3tÞ ð1Þ

where Pi = M0aixi
2 (xi = 2pv/Li, Li, ai and xi represent the irregular wavelength,

the corresponding vector height, and vibration frequency, respectively); P0 and M0

are the static wheel weight of the train and unsprung weight. In this paper, they are
set as P0 = 75 kN and M0 = 1000 kg according to CRH380A. Based on Ref. [11],
the irregular wavelength and the corresponding vector height are given as follows:
L1 = 10 m, a1 = 3.5 mm; L2 = 2 m, a2 = 0.4 mm; and L3 = 0.5 m, a3 = 0.08 mm.
The values of Pi and xi at different vehicle speeds are shown in Table 1.

2.2 Track-Bridge Model

Considering the influence of the adjustment layer underlying the slab track, the
dynamic equation of the slab track proposed in Ref. [12] was introduced into the

Steel
railSlab

track
Bridge

Bridge
Pier

F
Train speed v

Pile-group
foundation

Fig. 1 Coupled system of
train, rail-bridge, bridge pier,
group-pile foundation
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bridge model to derive a semi-analytical model of track-bridge vibration. The
dynamic motion equation of bridge can be expressed as Eq. (2):

EbrIbr
@4wbrðx; tÞ

@x4
þmbr

@2wbrðx; tÞ
@t2

þ ksb wbrðx; tÞ � wsbðx; tÞ½ �

þ csb
@wbrðx; tÞ

@t
� @wsbðx; tÞ

@t

� �
þ

XN
j¼1

PjðtÞ � dðx� ajÞ ¼ 0
ð2Þ

where Ebr, Ibr, and wbr represent elastic modulus, moment of inertia, and dis-
placement of bridge, respectively; mbr denotes the mass of bridge per unit length in
the direction of the track. csb and ksb represent viscous damping coefficient and
spring rigidity of the adjustment layer of slab track per unit length in the direction of
the track, respectively. d, x0, V, and L are the Dirac function, excitation frequency,
train speed, and bridge span, respectively; Pj(t) is the reaction force of the jth pier,
Pj(t) = P(t − aj/V), and aj = jL.

2.3 Bridge Pier Model

Assuming that the piers are elastically deformed along the vertical direction, the
equation of motion for bridge pier is:

mpi
@2wpiðz; tÞ

@t2
þ cpi

@wpiðz; tÞ
@t

� EpiApi
@2wpiðz; tÞ

@z2
= 0 ð3Þ

The relationship between axial force and displacement at the bottom of piers can
be expressed as:

NqðHÞ ¼ �RGwpiðHÞ ð4Þ

where Epi and Api represent the elastic modulus and area of cross section of bridge
pier, mpi and cpi represent the mass and damping of piers per unit length in the
direction of bridge pier axial, respectively. Nq(H) denotes axial force at the bottom
of bridge piers, H and RG represent pier height and impedance of pile-groups,
respectively.

Table 1 Load and excitation frequency values at different vehicle speeds [11]

Speed (km/h) P1 (kN) P2 (kN) P3 (kN) x1 (rad/s) x2 (rad/s) x3 (rad/s)

200 3.198 9.137 29.237 34.903 174.515 698.061

300 7.196 20.560 65.792 52.358 261.789 1047.155

350 9.795 27.985 89.553 61.085 305.425 1221.702
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2.4 Pile-Group Foundation Model

The pile-group model proposed by Gao et al. [13] is used to analyze the vertical
dynamic impedance coefficients of pile-group foundation, and the group-pile
impedance can be expressed as:

RG ¼ PG
z =w

G ð5Þ

in which PG
z and wG represent the vertical dynamic load on the cap and the vertical

displacement of the pile-group, respectively.

2.5 Solution of the Axial Force

By performing the double Fourier transform and the inverse Fourier transform in x-
direction, the dynamic equation of bridge Eq. (2) can be expressed as:

EbrIbr
x� x0

V

� �4
wbr � mbrx

2wbr þ ksb wbr � wsbð Þþ ixcsb wbr � wsbð Þ

¼ �PðxÞ
XN
j¼1

e�ijL
x0
V

ð6Þ

Performing the Fourier transform on Eq. (4), the derived equation is given as:

w00
pi þ k2wpi ¼ 0 ð7Þ

where k2 ¼ mpix2

EpiApi
� i cpix

EpiApi
and wpe ¼ c1eikz þ c2e�ikz. c1 and c2 are parameters,

which can be determined by boundary conditions:

wpiðz; tÞjz¼0 ¼ wbrðx; tÞjx¼L
wpiðz; tÞjz¼H ¼ �RGðtÞwpiðz; tÞjz¼H

�
ð8Þ

Performing the Fourier transform with respect to time t for Eq. (8), one has the
following equation:

�wpiðz;xÞjz¼0 ¼ �wbrðx;xÞjx¼L

EpiApi�w
0
piðz;xÞjz¼H ¼ �RGðxÞ�wpiðz;xÞjz¼H

�
ð9Þ

The axial force at the top of the pier, after the Fourier transform, can be
expressed as:

�FsðxÞ ¼ �EpiApi�w
0
piðz;xÞjz¼0 ð10Þ
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2.6 Solution of Ground Vibration

The calculation model of ground vibration induced by moving train on the viaduct
established by Wu et al. [14] is shown in Fig. 2. According to Ref. [14], the
equation of motion for the ground when subjecting to an excitation force on the top
of a pier due to the moving train in frequency domain can be expressed as:

�x2Mþ ½Ks þKpðxÞ� þ ixCs þCpðxÞ
� �

u�ðxÞ ¼ F�
s ðxÞ ð11Þ

in which Cs ¼
pqsr

2
eq cp þ cs 2e

req

� �
t� 1

3

2pcsqsr
2
eq 1þ e

req

� �
t[ 1

3

8<
: and Cp ¼

Pn
i¼1 ci

	Pn
i¼1 ai, Cs and

Cp denote the static and dynamic damping coefficient of the elastic half space.

Ks ¼ 4Greq
1�t 1þ 0:54 e

req

� �
and Kp ¼

Pn
i¼1 ki

	Pn
i¼1 ai, Ks and Kp represent the static

and dynamic equivalent vertical stiffness of the elastic half space. G, v, qs, cp, and cs
represent shear modulus, Poisson’s ratio, density, and the wave velocity of the
compression and shear waves, respectively. req is the equivalent radius of bearing
platform, ki and ci are the dynamic stiffness and damping coefficients for ith pile.

u�ðxÞ can be obtained from Eq. (11). The interaction force between pile-group
and subgrade is as follows:

P�
inðxÞ ¼ Ks þ ixCsð Þu�ðxÞ ð12Þ

The vibration of pile-group foundation beneath the bridge pier can be obtained
by the Green’s function Gzz rj;x


 �
[15]. Hence, the ground vibration displacement

at rj from the viaduct in the frequency domain is expressed as:

~w�
s rj;x

 � ¼ P�

inðxÞGzz rj;x

 � ð13Þ

v

L
F(t)

j-1
j

(x,y)0,0,0

...

Bridge

Elastic half space

w(x,y,z=0,t)

( )

Fig. 2 Model for calculation
of train-induced ground
vibration [14]
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3 Verification of the Established Model

By comparing the results in this study with those from Refs. [14, 16], correctness of
the semi-analytical model developed in this paper was verified. In the verification,
the upper bridge structure is degraded into elastically supported elements, and
underground structure is simulated as pile-group foundation model.

Parameters selected from Ref. [14] are as follows: for the viaduct,
E = 2�107 kN/m2, I = 8.72 m4, m = 18.5 t/m, L = 30 m, n1 = n2 = 0.025,
M = 1390 t; for the cap, b = l=10.8 m, h = 3.6 m, z = 4.6 m; N = 8, d = 1.8 m,
Lp = 50.4 m; and Ep = 2�107 kN/m2 for the piles. The data adopted for the ground
are as follows: shear modulus of soil at the ground surface Gs = 2.5 � 104 kN/m2,
shear modulus of soil at the end of the pile Gs

’ = 2.9 � 105 kN/m2, qs = 2.0 t/m3,
ms = 0.48, cp = 274 m/s, cs = 158 m/s, cR = 146 m/s, and η = 0.03. The duration
of computation is taken as T = 15 s, the time increment as Dt = 0.005 s, and the
train moving speed as 80 m/s.

Figure 3 shows the comparison of 1/3 octave band spectrum of ground vibration
in this paper and that in Refs. [14, 16]. As can be seen from Fig. 3, the results
obtained by the present method generally agree well with those from Refs. [14, 16],
which indicate that the model can effectively simulate the ground vibration of the
viaduct.
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4 Results and Discussion

The data adopted for the track, bridge piers, and piles are listed in Table 2, where
the parameters of caps are same as piles. The soil parameters (Table 3) of the
layered ground are determined from the engineering project of Beijing–Shanghai
high-speed railway. The thickness of upper and underlying soil layer is 2 m and
38 m, respectively. The geometry, dimensions, and layout of pile-group in the
calculation site are shown in Fig. 4.

4.1 Vibration Response of Layered Foundation

In this study, three different train speeds (i.e., 200, 300, and 350 km/h) are
investigated. Figure 5 presents the ground vibration acceleration time history of the
two types of ground at the center of pile-group foundation. One can see from Fig. 5
that the acceleration of ground vibration in both subgrades increases with train
speed. At the speed of 350 km/h, the vibration of the upper stiff-layer and lower
soft-layer ground is larger than that of the upper soft-layer and lower stiff-layer
ground.

The maximum vibration acceleration of two kinds of layered ground at the same
speed is depicted in Fig. 6. The diagonal line in figure denotes that the maximum
vibration accelerations of the two cases are equal at a certain velocity. The hori-
zontal axis value of the point is the maximum acceleration of the upper stiff-layer
and lower soft-layer ground, and the vertical axis value is the maximum acceler-
ation of the upper soft-layer and lower stiff-layer ground. As shown in Fig. 6, for
the case of vehicle speed below 300 km/h, the maximum vibration acceleration of

Table 2 Calculation parameters of track, bridge piers, and piles

Component Mass
density
(kg/m3)

Elastic
modulus
(kN/m2)

Poisson’s
ratio

Damping
ratio

Cross-sectional
area (m2)

Moment
of inertia
(m4)

Track 7800 2.06 � 1011 0.25 – 7.708 � 10−3 4 � 10−5

Bridge pier 2500 3.15 � 1010 0.35 0.05 – –

Pile 2500 3.00 � 1010 0.35 0.05 – –

Table 3 Calculation parameters of soils

Layers Shear-wave velocity
(m/s)

Poisson’s
ratio

Weight
(kN/m3)

Dynamic shear modulus
(MPa)

Stiff-layer 108 0.35 19 22.22

Soft-layer 61 0.45 18 6.9
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the upper stiff-layer and lower soft-layer ground is larger than that of the upper
soft-layer and lower stiff-layer ground. The gap is 0.067 m/s2 and 0.048 m/s2 at the
speed of 200 km/h and 300 km/h, respectively. However, the maximum vibration
acceleration of the upper soft-layer and lower stiff-layer ground is 0.28 m/s2 larger
than that of the upper stiff-layer and lower soft-layer ground at the speed of 350 km/h.
The reason causing this phenomenon is that the vehicle speed 350 km/h is close to the
shear-wave velocity of surface soft soil of the upper soft-layer and lower stiff-layer
ground, which would generate resonance phenomenon and result in the acceleration
of ground vibration increasing significantly [2]. Hence, the speed of train should be
avoided to approach the shear wave of the surface soil.

4.2 Influence of Pile Diameter on Ground Vibration

Figure 7 shows the acceleration time history in the upper soft-layer and lower
stiff-layer ground with different pile diameters. The pile length is fixed as 27 m. It
indicates that the ground vibration increases with increasing of pile diameter at
same speed. This is because that the stiffness of the pile-group foundation increases
with the increase of pile diameter, which would result in a larger vibration under the
same dynamic load.

The peak vibration acceleration for the group-pile foundation with different pile
diameters is presented in Fig. 8. As shown in Fig. 8, when the speed is less than
300 km/h, the peak acceleration increases smoothly with the pile diameter.
However, when the train speed reaches 350 km/h, the vibration amplitude increases
significantly with pile diameter, which indicates that the pile diameter has a sig-
nificant effect on ground vibration when the vehicle speed is high.
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4.3 Influence of Pile Length on Ground Vibration

Figure 9 shows the acceleration time history in the upper soft-layer and lower
stiff-layer ground with different pile lengths. The pile diameter is 0.5 m. One can
see from Fig. 8, the acceleration of ground vibration increases with increasing pile
length at the same vehicle speed. The reason may be that, when the pile length is
large, the distance of vibration energy propagation along the pile to the beneath soil
is farther; in this case, there is more energy on the ground surface and acceleration
of ground vibration has a larger value.

Figure 10 shows the difference of maximum vibration acceleration for different
pile lengths with respect to the different speed. The horizontal axis value of the
point is the maximum acceleration for pile length is 27 m, and the vertical axis
value is the maximum acceleration for pile length is 35 m. As can be seen in
Fig. 10, the maximum acceleration of ground vibration for pile length of 35 m is
greater than that corresponding to pile length of 27 m. In addition, when the train
speed is less than 300 km/h, it is observed that, in comparison with vehicle speed,
the length of the pile has little effect on the maximum acceleration of ground
vibration. When the train speed is 350 km/h, the maximum acceleration of ground
vibration increases rapidly with increasing of pile length.

According to the above analysis, it can be found that the variation of pile length
and pile diameter has equivalent effects on ground vibration at the same speed.
Hence, through reasonable design of group-pile foundation, requirement on ground
vibration control, subgrade settlement control, and bearing capacity can simulta-
neously be satisfied, e.g., increasing of pile diameter and decreasing the pile length
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Fig. 9 Vertical acceleration time interval curves of upper soft-layer and lower stiff-layer ground
for different pile lengths. (a1-c1): pile length = 27 m; (a2-c2): pile length = 35 m
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or increasing of pile length and decreasing the pile diameter. In addition, when the
vehicle speed is less than 300 km/h, it is the train speed that plays a dominating role
in determining the ground vibration, but when the speed is higher than 300 km/h,
more attention must be paid to the coupling effect of the soil structure, pile
parameters, and vehicle speed.

5 Conclusion

The vibration in the pile-group center of the upper stiff-layer and lower soft-layer
ground is larger than that of the upper soft-layer and lower stiff-layer ground when
the train speed is less than 300 km/h. For the upper soft-layer and lower stiff-layer
ground, the ground vibration acceleration increases significantly at the speed of
350 km/h due to the vehicle speed is closed to the shear-wave velocity of surface
soft soil. Hence, the speed of the train should be avoided from approaching the
shear wave of the surface soil.

The acceleration of ground vibration increases with increasing pile diameter and
pile length, particularly when the speed of the train is large. Appropriate design of
group-pile foundation can reduce the ground vibration.

The ground vibration characteristics are mainly dominated by the moving train
speed when the speed is less than 300 km/h, but more attention must be paid to the
coupling influence of the soil deposits, pile parameters, and vehicle speed on the
ground vibration when the speed is higher.
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Ground-Borne Vibration Generated
by High-Speed Trains
on the Pile-Supported Subgrade
Reinforced by Geogrid

Guang-yun Gao, Jun-wei Bi and Qing-sheng Chen

Abstract The pile-supported subgrade reinforced by geogrid is widely applied in
the construction of high-speed railway in China. To investigate the ground-borne
vibration of such composite foundations subjected to moving loads induced by
high-speed trains, a train-track-ground dynamic analysis model involving the pile,
pile cap and cushion, was developed based on the three-dimensional (3D) finite
element method (FEM). Based on the field data for a practical composite subgrade
project at the east side of Suzhou Railway Station of Beijing–Shanghai high-speed
railway, the numerical model was established and verified accordingly with the
in situ measured results. Comparison studies were conducted on the vibrations for
the composite foundation and unreinforced foundation. Results show that acceler-
ation of ground-borne vibration is reduced effectively in composite subgrade
because of the existence of cushion and piles, and the vibration attenuates
increasingly quickly as the distance from the track center increases.

Keywords Ground-borne vibration � High-speed railway � Pile-supported
subgrade reinforced by geogrid � Finite element method

1 Introduction

The ground waves generated by high-speed train have different propagation char-
acteristics in comparison with that by the traditional train. The resulting vibration
can travel large distances from track, thereby causing discomfort to residents,
misalignment of sensitive instruments and possibly even building damage.
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Therefore, over the past years, the ground vibrations produced by the high-speed
trains have received increasing interests by various researchers [1].

Pile-supported and geogrid-reinforced subgrade has been widely used in the
high-speed railway construction, especially in China. While most analysis and
predicted models for investigating train-induced ground vibrations so far simplified
the foundation as a single-phase elastic, viscoelastic or saturated multi-layered solid
[2–5], knowledge on ground vibrations due to the train moving on such composite
subgrade is limited in the literatures. Most recently, few studies were carried out on
the train-induced ground vibrations on the pile-supported subgrade reinforced by
geogrid. Zhai et al. [6] proposed a train-track-ground system model involving
coupled vehicle–track dynamic model, where the influence of cement mixing piles
on the high-speed train-induced vibration was investigated. By means of
three-dimensional (3D) finite element method (FEM), Thach et al. [7] investigated
the vibration behaviors of pile-supported subgrade. Ma et al. [8] analyzed the impact
of the foundation reinforcement on the characteristics and propagation of ground
vibration via numerical analysis for the Shanghai–Nanjing intercity high-speed
railway. Feng et al. [9] developed a 3D FEM model to study the influence of
subgrade reinforcement and sub-soil treatment on the ground vibrations.

In this paper, a 3D FEM model of composite subgrade involving piles, pile caps
and cushion was developed to study the ground-borne vibration generated by
high-speed train. This numerical model was validated by comparing the predictions
with the field data. The influences of the piles, pile caps and cushion on the ground
vibration were presented and discussed in detail.

2 Modeling Approach and Validation

2.1 Mathematical Description of Train Loading

According to the frequency-domain analysis of the embankment vibration [10, 11],
artificial excitation combined by a series of periodic loads is applied to simulate the
train loading. The mathematical description of train loading can be expressed as
follows:

F tð Þ ¼ k1k2 P0 þP1sin x1tþP2sin x2tþP3sin x3tð Þ ð1Þ

where P0 denotes the static load of a train carriage; the constant k1 and k2 represents
the superposition coefficient and the dispersion coefficient, respectively; P1, P2 and
P3 are the typical values of the dynamic loads corresponding to x1, x2 and x3

which represent the low frequency, medium frequency and high frequency,
respectively.
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The Pi and xi (i = 1, 2, 3) are given by Eqs. (2) and (3).

Pi ¼ M0aix2
i ; i ¼ 1; 2; 3 ð2Þ

xi ¼ 2pv=Li; i ¼ 1; 2; 3 ð3Þ

where M0 represents unsprung mass of a train carriage; v is train speed; ai and Li

are the rise and wavelength of the track geometric unevenness. According to
parameters of high-speed train type CRH380AL, train loading is confirmed and
applied by means of the DLOAD subroutine in ABAQUS.

2.2 Establishment of Model

Zhai et al. [12] analyzed the train-induced ground-borne vibration by on-site
measurement at the east side of Suzhou Railway Station of Beijing–Shanghai
high-speed railway. To validate reliability of the proposed model, the geometry and
material properties of the embankment and composite foundation were modeled in
accordance with the slab track-type CRTSII mentioned in reference literature [12].
Based on the 3D FEM using ABAQUS software, a train-track-ground dynamic
analysis model involving the pile, pile cap and cushion was developed with
dimension 120.0 m (length) � 70.0 m (width) � 40.0 m (depth), which is illus-
trated in Fig. 1. By taking advantage of symmetry, only one half of the finite
element model was modeled.

The rail and fasteners were substituted by beam elements and spring-dampers,
respectively, and other components of track and composite foundation were
modeled using eight-node solid elements, the dimensions of which were controlled
in the range between 0.275 and 2.5 m. To prevent reflections from the edge of the
truncated domain, three-dimensional viscous–elastic artificial boundaries were
implemented, in which the geometric and material damping were taken into
account.

(a) Embankment and piles model (b) Finite element model of track-ground

Fig. 1 Detail view of FEM model
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2.3 Validation

The proposed FEM model was validated by comparing the predictions to field
measurements mentioned in reference literature [12]. Figures 2 and 3 present the
predicated and measured time histories of vertical ground vibration acceleration at a
distance of 14.1 and 35.0 m from track center, respectively. It is observed that the
predicted ground responses have a high correlation with the field measure. The
response to the carriage of each wheel set is visible and similar in timing, shape and
magnitude. In addition, ground response to the heavier carriages in middle of the
CRH380AL high-speed train has also been simulated effectively. Also, the FEM
model could generally yield accurate magnitude of the accelerations, even though it
is observed that the numerical model slightly underestimates the downward
acceleration. Thus, it can be concluded that the proposed numerical model is
capable of simulating train-induced ground vibration at both near and far offsets
from track center.

Fig. 2 Comparison of the time histories of vertical ground vibration acceleration at 14.1 m from
track center
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3 Comparison of Ground Vibrations for Unreinforced
Foundation and Composite Subgrade

3.1 Computation Model

To investigate the vibrations of ground with unreinforced foundation and ground
with the pile-supported and geogrid-reinforced subgrade, the computation model
involving embankment and composite foundation was built as shown in Fig. 4.
Yang et al. [13] pointed out that the ground-borne vibration generated by train
consisting four carriages is almost identical to that by the train with ten carriages.
To reduce calculation efforts, the loadings generated by a train consisting of four
carriages based on the high-speed train type CRH380AL were used for the
numerical analysis.

The embankment consists of three parts as follows: the surface layer of sub-
grade, the bottom of subgrade and the rest part below the subgrade. The dynamic
properties of embankment are presented in Table 1. The foundation soil is soft soil.
The soil profile and geotechnical parameters are in accordance with that of the
typical soils distributed in the middle and lower reached of the Yangtze River [8].
The uppermost soil layer is clay with thickness of 6.0 m, and the second soil layer
is mucky clay with thickness of 12.0 m. The third soil layer is silty clay with

Fig. 3 Comparison of the time histories of vertical ground vibration acceleration at 35.0 m from
track center
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thickness of 15.0 m, and the bottom layer is silty sand with thickness of 17.0 m.
The summary of soil properties is shown in Table 1.

As mentioned in the Second Section, the model was developed with dimension
120.0 m (length) � 70.0 m (width) � 40.0 m (depth), which is illustrated in
Fig. 5. In the computing model, three observation points at a distance of 0.4 m,
10.0 m and 40.0 m, respectively, from track centerline were selected.

Fig. 4 The cross section of pile-supported and geogrid-reinforced subgrade in single-track
high-speed railway

Table 1 Dynamic properties of the calculation model

Name Layer
thickness
(m)

Dynamic
elastic modulus
(MPa)

Poisson’s
ratio

Damping
ratio

Density
(g/m3)

Shear
wave
velocity
(m/s)

Surface
layer of
subgrade

0.4 150 0.30 0.038 1.90 174.3

Bottom
layer of
subgrade

2.3 110 0.35 0.034 1.95 144.5

The rest part
under
subgrade

0.6 50 0.32 0.030 1.90 99.8

Clay 6.0 60 0.31 0.050 1.89 106.0

Mucky clay 12.0 15 0.30 0.050 1.75 56.0

Silty clay 15.0 70 0.30 0.050 1.89 111.0

Silty sand 17.0 90 0.32 0.050 1.99 123.0

CFG pile – 10,000 0.20 0.060 2.50 –
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For the composite foundation model, the piles selected for ground improvement
are cement fly-ash gravel (CFG) piles with following dimensions: pile length is
18.0 m; pile diameter is 0.5 m; diameter and thickness of the pile cap are 1.2 m and
0.4 m, respectively. The CFG piles are arranged in a rectangular pattern with pile
spacing of 1.8 m which consist with that widely applied in the Beijing–Shanghai
high-speed railway mentioned in Ref. [14]. For the unreinforced foundation, the
model portion for CFG piles was substituted by soil elements.

3.2 Numerical Results

Figure 6 shows the time histories of vertical ground vibration acceleration at dif-
ferent distance from track center for train speed of 350.0 km/h. It can be seen that a
cluster of significant vibration is induced by each bogie of the train. For both
unreinforced foundation and composite subgrade, the vertical ground vibration
acceleration decays with the increasing distance away from track centerline.
Beyond 10.0 m from track center, the vertical ground vibration acceleration of
unreinforced foundation is much larger than its counterpart for the composite
subgrade. The train-induced ground vibration in the pile-reinforced composite
subgrade attenuates much more quickly compared to that in the unreinforced
foundation. This indicates that the piles and cushion can cause a significant
decrease in the ground vibration and reduce far-field vertical acceleration
effectively.

The time histories of vertical ground vibration acceleration in Fig. 6 were
converted to the amplitude spectra by Fourier transformation in order to analyze the
frequency-domain characteristics of ground-borne vibration.

Figure 7 presents the distribution of frequency spectra of the vertical ground
vibration acceleration within the distance of 40.0 m from track centerline. At 0.4 m
from track center, there are similarities between the frequency components and
magnitudes of spectra for both of the unreinforced foundation and pile-reinforced

Fig. 5 The 3D finite element models of pile, pile cap and composite foundation
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composite subgrade. Comparing to the unreinforced foundation, the spectrum
amplitudes of frequency decay greatly at 10.0 m from track center where the slop toe
of embankment locates, especially for the high-frequency components. Figure 7c
also indicates that the piles and cushion can reduce the spectrum amplitude of
frequency at 40.0 m from track center, both for the high- and low-frequency
components.

(a) 0.4m from track center

(b) 10.0m from track center

(c) 40.0m from track center

Fig. 6 Time histories of the vertical ground vibration acceleration at different distance from track
centerline with train speed of 350.0 km/h
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(a) 0.4m from track center

(b) 10.0m from track center

(c) 40.0m from track center

Fig. 7 Frequency spectra of vertical ground acceleration at different distance from track centerline
with train speed of 350.0 km/h
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4 Conclusions

To investigate the ground-borne vibration of composite foundations subjected to
moving loads induced by high-speed trains, a train-track-ground dynamic analysis
model involving the pile, pile cap and cushion was developed based on the 3D finite
element method (FEM). The following conclusions can be drawn:

(1) The proposed numerical model is capable of simulating train-induced ground
vibration at both near and far offsets from track center, which has been vali-
dated by the field measured data.

(2) The ground vibration acceleration decays with the increasing distance away
from the track center for both unreinforced foundation and pile-reinforced
composite subgrade. However, the train-induced ground vibration in the
pile-reinforced composite subgrade attenuates much more quickly compared to
that in the unreinforced foundation.

(3) For the pile-reinforced composite subgrade, the spectrum amplitudes decrease
much more significantly comparing to that for the unreinforced foundation, for
both low- and high-frequency components. It can be concluded that the ground
vibration responses can be reduced evidently due to the existence of piles and
cushion in the composite subgrade.
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Three-Dimensional Numerical
Simulation of Vehicle Dynamic Load
and Dynamic Response for Ballastless
Track Subgrade

Xuan Wang, Hao Cheng, Biao Zhang, Jiasheng Zhang
and Qiyun Wang

Abstract With the development of the high-speed railway, the ballastless track is
widely applied and the dynamic characteristics of subgrade are the bases of the
design, construction, and maintenance of the ballastless track/subgrade system. In a
sense, the distribution rule of dynamic response under the action of train loads and
the influence of subgrade parameters lags far behind the construction of the
high-speed railway in engineering because of their complication. Dynamic system
which was composed of rail, track, and roadbed is so complex that it cannot be
solved depending on available theory. In this paper, the numerical simulation
method was introduced to describe the dynamic action of roadbed which beard
high-speed rail loads. Therefore, a 3-d finite element model of the track/subgrade
system was established with the aid of ANSYS for the dynamic response of bal-
lastless track subgrade which bears vehicle dynamic loads and loads input behavior.
At the same time, the choice method and basis of a unit-type, constitutive model of
subgrade and material parameters were established. According to distributed mode
and behaviors of vehicle dynamic load and load input characteristics, a 2-car and
8-wheelset vehicle model was introduced to get contact pressure time-history
curves of fastening when two bogies pass between neighboring cars through Fourier
transform. Furthermore, the rationality and applicability of model were verified
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depending on the data which came from the test in situ. Vertical dynamic stresses,
dynamic displacement, and dynamic acceleration were calculated for CRTSII-type
slab ballastless track and double-block ballastless track when train passes which its
speed was 300 km/h and axle load was 170 kN. In addition, the relationship
between all those response laws and rail/subgrade construction was analyzed.
Interrelated analyses conclude that vertical dynamic stresses, dynamic displace-
ment, and dynamic acceleration decay as roadbed deepens, and dynamic acceler-
ation decays faster. In addition, the type of track which influenced dynamic
response only focuses on the top of the roadbed.

Keywords Ballastless track subgrade � Vehicle dynamic load �
Dynamic response � Numerical simulation

1 Introduction

The major differences between high-speed track roadbed and traditional roadbed are
found in: ① the structure of subgrade, including ballast and ballastless track
roadbed; ② The settlement control is key to the design of roadbed after con-
struction, and therefore, the deformation control is to control the deformation
magnitude under high-speed train load;and③ the stiffness of subgrade is one of the
important parts of the train/track/subgrade system [1]. Thus, it causes a lot of
subgrade dynamic and geotechnical problems. The dynamic responses of
high-speed railroad subgrade should comprise factors like the soil body dynamic
deformation of subgrade, dynamic stress, and acceleration. The size of responses
and its process directly affect the design, construction, use, and maintenance and
concern the intensity fatigueness characteristics, accumulative deformation, and
dynamic stability [2]. Many factors may affect the dynamic responses of subgrade,
such as vehicle type, axle weight, velocity, route structure and status, steel track
type, rail bearing type and space, ballast type and thickness, soil property, and
density of subgrade [3].

Due to the train/track/subgrade system complexity, the dynamic load and
dynamic deformation design of ballastless track subgrade of the high-speed train
should include prestressing steel concrete roadbed, especially the subgrade. The
spatial characteristics should be taken into consideration in accordance with the real
construction condition of high-speed train subgrade. A dynamic analysis should be
conducted on track/subgrade structure so as to determine the proper parameters for
subgrade structure like thickness, stiffness (modulus), etc. The solutions of these
factors fail to be done theoretically, and so it is necessary to make numerical
simulation with the help of large-scale numerical platform [4]. Many researchers
both from overseas and home have made great progress by establishing numerical
calculation model with finite method to solve the dynamic problems of ballastless
track subgrade. Nevertheless, many numerical models are not perfect on the
dynamic behaviors of wheel–rail force, train vibration, and track structure. The
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subgrade model tends to be simplified without considering stratification and
diversification of fillings. In addition, the dynamic acceleration of subgrade is rarely
analyzed. The distribution rule of stress, acceleration, displacement generated in the
subgrade, responses index, and correlation with influence factors are not fully
accounted for. Therefore, this paper seeks to establish a 3-d numerical model for
ballastless track subgrade based on ANSYS and make the second development with
APDL language to discover the distribution regularity of the dynamic character-
istics of a track/subgrade system.

2 Finite Model for Ballastless Track Subgrade

2.1 Establishment and Solution of the Finite Model

One of the biggest advantages of the finite method for ballastless track subgrade is
that it can work out a dynamic response from any position of the track system.
Through this method, the soil subgrade and ballastless track structure are scattered
into finite elements complying with deformation continuity and balance condition
of forces [5]. In this model, the track is regarded as a continuous beam of spring
point bolster; fastening of steel track and rubber mat is regarded as spring-damping
system; and track slab, CA mortar, concrete supporting layer or pedestal, gravels for
the surface layer, fillings for the bottom layer of roadbed, and subgrade are all
considered element, respectively. The CRTS II-type slab ballastless track and
double-block ballastless track are presented in Fig. 1.

Space, time, and coupling of track system are taken into account in the process
of modeling [6].

The interrelation of ballastless track/subgrade system with vehicle system is
reflected through the outer load. Therefore, in the ballastless track/subgrade system,

Fig. 1 Model of CRTSII-type slab ballastless track and double-block ballastless track
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the vehicle load is simplified as an outer excitation which is transformed from the
load on the track or from the unevenness of the track. Here, the Newmark-b method
is applied.

2.2 Constitutive Type

BEAM188 element is used for steel track with the premise that: ① the bending
deflection of beam conforms with the flat section; ② the bearing effect of the nodes
on both sides of the beam at the center of cross section coincides with the axial
force, shearing force, and bending moment. The track slab is SHELL63 elastic shell
element; fastening and rubber mat are COMBIN14 spring damping element; and
track slab, CA mortar, concrete bearing layer, and subgrade are SOLID45 entity
element [7]. The equivalent stiffness of the fastening and rubber mat system under
track is 4.38 � 107 N/m, damping coefficient is 4.5 � 104 N�s/m, and coefficient
of CA is 3.5 � 104 N�s/m.

In view of stress wave reflection effect and half finite space of soil body under
the roadbed, 3-d consistent viscoelastic boundary element [8] is introduced. An
artificial boundary is set on the side along the roadbed bottom. The two boundary
planes perpendicular to the line direction constrain the displacement of the road
direction along the line.

2.3 Subgrade Constitutive Model of Roadbed

The constitutive model of soil body dynamics consists of: bilinear model, equiv-
alent linear model, Iwan model, Maltin-Finn-seed model, and endochronic model,
etc. [9]. There are elastic and plastic deformations of roadbed filling under the
periodic effect of load [10]. The data is from test in situ, and dynamic analysis
shows that the elastic deformation of subgrade top ranges from 1–4 mm and the
dynamic dependent variable level of soil body of roadbed reach 10−4. Under this
level, there is no damage to the connection of ordinary qualified compacted filling,
and soil skeleton is able to recover, and there is little energy dissipation in the
movement of soil particles. The soil is in the best status of lag elastics. Due to the
damping effect of roadbed in the roadbed-soil physical model, the viscoelastic
constitutive model is introduced which consists of spring and dashpot when
deformation accumulated from long-term dynamic load is not considered and
plastic deformation behavior of soil body is overlooked. Therefore, the viscoelastic
model is proposed to simulate dynamic characteristics of soil body by applying a
constant damping ratio.
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2.4 Structure and Material Parameters

In the process of computation, steel track, reinforced concrete track slab, CA
mortar, and concrete bearing layer are viewed as an isotropic linear elastic material,
fastening of the track as spring-damping structure, grading gravel, subgrade fillings,
and foundation as a viscoelastic material. How long and how deep the roadbed
model is calculated affects the quantity and accuracy of the computation. The length
increases as load frequency add. The accuracy of the model depends on the length
to be calculated. Zhai [11] pointed out that when the excitation points of first and
last wheelsets are no less than 30 m away from the head and end of the track, the
model is viewed as infinitely long. Chen [12] held the view that the vibration
caused by a certain pulse turbulence source may affect the distance spanning 10
sleepers. If the distance exceeds, the vibration transmission gets very weak. Luo [7]
reckon after computation that three-sleeper length would be proper for the finite
model when selecting the length of the finite model. At this length, the stress, strain,
and deformation are small. Therefore, in this paper, the selected model is 26 m
long. As for depth, according to national data, the dynamic stress decays 40–60%
when 0.6 m deep from the roadbed top. Japanese studies show that dynamic stress
should be 10% of its gravity stress when 3 m deep from the roadbed, and there is
little influence on the roadbed deformation by dynamic responses at such depth.
Hence, the selected model is 9.7 m deep from the roadbed top.

For studying the common ballastless track type of high-speed train in our
country, the paper proposed the finite models of the slab and double-slab track
subgrade. As the major object of study, the roadbed is focused without considering

Table 1 Material numerable parameters and structure size of model

Structure Thickness
(mm)

Elastic
modulus
(GPa)

Poisson’s
ratio

Density
(kg/m3)

Damping
ratio

Steel track 176 210 0.3 7830

Fastening 40 MN/m

Slab track 200 35 0.167 2500

Double-slab track 260 35 0.167 2500

Slab track CA mortar 30 4.5 0.2

Bearing layer of slab track 300 27 0.2 2400

Bearing layer of double-slab
track bearing layer

300 27 0.2 2400

Roadbed top 0.4 0.24 0.27 2250 0.028

Roadbed bottom 2.3 0.15 0.32 2130 0.035

Roadbed body 2.0 0.10 0.35 2000 0.035

Foundation 4 0.06 0.35 2000 0.045
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the details of track structure, such as reinforcement, rail seaming is disregarded.
Computation of parameters and structure size are shown in Fig. 1 (Table 1).

The finite model of ballastless track subgrade is hereby established based on the
above steps as shown in Fig. 2.

3 Train Loads Input on the Finite Model

The subgrade of high-speed rail track mainly undertakes the static load from the
track and dynamic load from the train. It is paramount for studying dynamic
responses of subgrade to quantify the load of a train and its distribution and
transmission regularity. The train load imposed on the track correlates with vehicle
speed, suspension system, rim diameter and condition, center of gravity of vehicle,
evenness of the line, stiffness of track frame (type of steel track, elastic fastening
and stiffness of rubber mat, track sleeper or stiffness of overall track plate), stiffness
and uniformity of track subgrade [13].

In fact, the train is composed of a series of carriages of the same length. The
wheel load distributes periodically along the line [14]. Hence, it is assumed that the
train is infinitely long, and wheel loads are assumed as the combination of every
single load. Each wheelset load is periodically a moving load with the periodicity as
wheel load distance L. See Fig. 3.

Presume that the moving velocity of wheel load ① is v, this wheel load at time
t locates at Z1 = vt, so the function of this wheel load can be presented as:

P1ðt; ZÞ ¼ P0dðZ � vtÞþFðtÞdðZ � vtÞ ð1Þ

In the above equation, vt−L/2 < Z <vt+ L/2, P0 is static load; F(t) is the attached
load caused by vertical vibration of the vehicle; and d(Z−vt) is the function of (Z, t).

Fig. 2 Finite element model of the track/subgrade system
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Whether the dynamic load properly inputs on the train will affect the rationality
of numeric simulation. The proper train load can guarantee the correctness of
computation of numerical simulation and cut down on computation cost. Since the
train load is periodic, the train load of a finite model is a 2 wheelsets of single bogie
[15] model, 4 wheelsets of single carriage [2, 6], or 4 wheelsets of 2 bogies model
[16]. In this paper, disperse model of 2 carriages and 4 carriages are introduced. See
Fig. 4.

Based on the above four models, the single wheel load is assumed to be a
constant force with constant speed without considering the evenness of track,
eccentricity of wheels, and wheel flats. On the condition of wheel axle load of
170 kN and speed of 350 km/h, the stress and displacement of roadbed surface top
and bottom layer right down the steel tracks are, respectively, calculated through
the proposed finite model. The result is shown in Figs. 5, 6, 7, and 8.

Fig. 3 Separate and combination of the vehicle model

(a) vehicle disperse model for a 4-wheel set of single carriage 

(b) vehicle disperse model for a 4-wheel set of bogie

(c) vehicle disperse model for 2 carriages

(d) disperse model of 4 carriages

Fig. 4 Disperse model of vehicle
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From Figs. 5, 6, 7, and 8, it is known that the effect of first 2 wheelsets on the
subgrade looks the same at the initial stage of loading when the train is moving, so
the stress and displacement of roadbed surface in four types of dispersion models
almost coincide. In the 2 wheelsets dispersion model and wheelsets model, there
exists the periodicity of subgrade surface stress. Except for the first carriage, the
displacement of following carriages repeats. The displacement or stress amplitude
of single carriage dispersion model is lower than those of the bogies model. The
displacement or stress amplitude of 2 carriages model is the same as those of 4
carriages model. The displacement amplitude of subgrade surface of a single car-
riage and bogies model is lower than that of 4 carriages model, only 70.3% of 4
carriages model and displacement amplitude of bogies model is only 86% of 4
carriages model because there exist superimposed effect of displacement and stress.
The distance of 4 wheel loads of a single carriage is longer, so the superimposition
effect is comparatively weaker, whereas the 4-wheel load distance of bogies is
shorter, so the superimposition effect is stronger compared to the single carriage
model [17].

Fig. 5 Surface displacement
of subgrade surface layer

Fig. 6 Surface displacement
of subgrade surface layer
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Based on the above analysis, 2-carriage disperse model can better simulate the
displacement and dynamic stress process when the train passes. At the same time,
the computational result is most accurate. 2-carriage dispersion model shows more
advantages as it takes into account the superimposition effect of wheel loads and
saves more in the aspect of cost than 4-carriage or whole train loading model. As a
result, 2-carriage with 8-wheelset dispersion model is adopted.

The train load is imposed through the track and track fastening, and so it is
necessary to deduce the actual contact pressure time-history curves of fastening
[18]. Because there is little data pertinent to the contact pressure of ballastless track
fastening at present, the contact pressure of fastening is calculated which then
applied to the fastening points on the track slab. In this way, it can simulate the
effect of the train on the ballastless track subgrade.

In the case of CRH3/CRH380 train with speed of 350 km/h and CRTSII bal-
lastless track, the train axle weighs 170 kN. It is assumed that the wheel load is
distributed evenly, and wheel load P = 85 kN. For the object of study is a subgrade
structure, the variation of train load caused by factors like uneven track, eccentricity
of wheel, wheel flat is not accounted for. The wheel load is simplified as a constant

Fig. 7 Surface stress of
subgrade surface layer

Fig. 8 Surface stress of
subgrade surface layer
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force with constant speed, and excitation input on the finite model is from 8
wheelset of adjoining bogies of neighboring carriages. In view of the superimposed
effect concentrating on wheelsets of adjoining bogies of neighboring carriages, the
superimposed effect of bogies of the same carriage is relatively small [17], here
deduced the contact pressure time-history curves curve of single fastening when
adjoining bogies of carriages passes. See Fig. 9.

From Fig. 9 it is known that there exist abrupt peak and an acute angle in the
contact pressure time-history curves of fastening. Then curve is converted through
Fourier transformation. Assume time is t, contact pressure of fastening is F(t), so
here deduced the equation of contact pressure of fastening:

FðtÞ ¼ a0 þ a1 cos ðxtÞþ b1 sin ðxtÞþ a2 cos ðxtÞþ b2 sin ðxtÞ
þ a3 cos ðxtÞþ b3 sin ðxtÞ

ð2Þ

Then, a0 = 14.34, a1 = −11.22, b1 = 7.334, a2 = −3.497, b2 = 8.372,
a3 = −1.827, b3 = −8.089, and x = 78.79.

Curve A in Fig. 10 is the result of time-history of fastening through Fourier
transformation.

Fig. 9 Contact pressure time-history curves of a single fastening

Fig. 10 Time-history curves of fastening through Fourier transform
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4 Verification of Ballastless Track Subgrade

The effectiveness of the model is tested by the data measured in situ of ballastless
track subgrade of Wuhan–Guanzhou passenger line as in references [19]. The tested
cross section located at DK1254 + 635, train axle weight is 14 t, and train speed is
290 km/h. All the parameters of roadbed needed in the computation are presented
in table (Table 2).

Figure 11 is the attenuation curve of the dynamic stress of ballastless track
roadbed, and Fig. 12 is the attenuation ratio curves.

From Figs. 11 and 12, it can be inferred that the biggest difference between
dynamic stress of subgrade deduced by the model and measured in situ is 5 kPa, but
the attenuation of dynamic stress decays consistently with depths. From Fig. 12, it
is observed that the attenuation rate of dynamic stress decays as depth extends
lower than that of measured in situ, and there is a 15% difference in attenuation rate
but the attenuation regularity of model conforms with that tested in situ.

Table 2 Calculate parameters of actual roadbed

Parameters Elastic modulus (GPa) Poisson’s ratio Density
(kg/m3)

Damping ratio

Roadbed top 1.55 0.27 2200 0.028

Roadbed bottom 0.71 0.33 2000 0.040

Embankment 0.52 0.36 1800 0.045

Foundation 0.60 0.35 2000 0.045

Fig. 11 Decay curve of
dynamic stresses in the
roadbed
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In order to further test the viability of the model, the parameters quoted in
references for calculation is shown in Table 3. In the case of CRH2 high-speed train
with a speed of 160 km/h and axle weight of 14 t, 2 wheelset load of single bogie is
introduced. The calculated dynamic stress of roadbed top is in Fig. 13.

The tested results show that the vertical dynamic stress of roadbed top ranges
from 8.4 to 14.5 kPa. The dynamic stress deduced by the model is 13.3 kPa. From
Figs. 13 and 14, it is inferred that the vertical dynamic stress time-history curve
agrees with that quoted in reference and develops consistently with time.

Based on the above analysis, the established infinite model for ballastless track
subgrade can better reflect dynamic behavior; it is reliable to analyze the dynamic
response of ballastless track subgrade.

Fig. 12 Decay rate curve of
dynamic stresses in the
roadbed

Table 3 Calculate parameters of model verification

Structure Thickness (m) Elastic
modulus (GPa)

Poisson’s ratio Density
(kg/m3)

Steel track 0.176 200 0.3 7800

Track slab 0.19 35 0.167 2500

CA mortar 0.05 0.2 0.167 2500

Pedestal 0.3 27 0.167 2500

Roadbed top 0.4 0.18 0.25 2000

Roadbed bottom 1.5 0.11 0.25 1800

Embankment 1.5 0.06 0.25 1700
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5 Simulation Result Analysis

To better obtain the response rule of subgrade under trainload, the train speed is set
at 300 km/h at and axle weight is 170 kN. The load is imposed on 8 wheelsets of
carriages adjoining bogies. In this case, the dynamic responses for the ballastless
track subgrade are hereby calculated.

Fig. 13 Calculate result in
the paper

Fig. 14 Testing result in
references [15]
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5.1 The Distribution and Attenuation Regularity of Vertical
Dynamic Stress

The dynamic stress for subgrade is obtained through numerical computation. The
subgrade time-history curve of CRTSII-type slab ballastless track is depicted in
Fig. 15, and the double-block ballastless track is in Fig. 16.

It is seen from these two figs that there is a hump in the time-history curves of
dynamic stress under the effect of trainload. A dynamic stress hump is generated
when bogies pass the roadbed. There is an obvious superimposed effect between
bogies of adjoining carriages. The effect tends to be stronger when more bogies
come in. Due to the damping, the dynamic stress diminishes with depths, and peak

Fig. 15 Vertical dynamic stresses time-history curves in subgrade of CRTSII-type slab ballastless
track

Fig. 16 Vertical dynamic stresses time-history curves in subgrade of double-block ballastless
track
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value lags. The time-history curve of subgrade of CRTSII-type slab ballastless track
looks similar to that of the double-block track.

Figure 17 depicts the distribution regularity of vertical dynamic stress amplitude
with depths in the subgrade. Figure 18 depicts the attenuation regularity of vertical
dynamic stress decays with depths in the subgrade.

From Figs. 17 and 18, it is known that dynamic stress amplitude of bearing layer
in the subgrade is bigger than that of subgrade center and subgrade under steel track
due to the concentration of superimposed effect, but when 1.5 m deep from the
subgrade surface the dynamic stress amplitude tends to be consistent. The ampli-
tude diminishes as depth increases and diminishes faster in roadbed top. The
dynamic stress amplitude 1 m deep from the subgrade of bearing layer edge
decreases up to 1/2 of that from roadbed top, and when 1 m deep from roadbed
center and track, it decreases 1/3 of that from the roadbed top. The dynamic stress

Fig. 17 Relationship
between vertical dynamic
stresses amplitude and depth

Fig. 18 Decay ratio of
vertical dynamic stresses
amplitude with depth
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amplitude under the bearing layer edge decreases faster than that under the track.
The closer to the roadbed center it is, the slower the dynamic stress amplitude
decreases. In addition, within 1.5 m deep from the roadbed, the dynamic stress
amplitude of single-type CRTSII ballastless track subgrade is bigger than that of
double-block ballastless track subgrade, but it tends to be consistent over 1.5 m
deep. The dynamic stress amplitude for single-type CRTSII ballastless track sub-
grade decays slower than that for double-block subgrade.

Figure 19 depicts the dynamic stress distribution on cross section of roadbed
top, bottom, and bottom base.

From Fig. 19, it is observed that the dynamic stress amplitude becomes bigger
when it is far away from the roadbed center. It changes greatly under concrete
bearing layer and reaches its peak, which is caused by the concentrated superim-
posed effect of the stress of concrete edge. The dynamic stress decreases quickly
beyond the concrete bearing layer and approaches 0. The dynamic stress amplitude
under roadbed bottom grows bigger when close to the roadbed center and reaches
its maximum under the concrete bearing layer edge. Beyond the edge, the amplitude
follows a linear decline trend. The dynamic stress decays to 0 when far away from
the roadbed center, which illustrates that the concentrated superimposed effect of
stress on roadbed top spread to roadbed bottom, but not as stronger as on the
roadbed top. The dynamic stress amplitude on the roadbed bottom follows a linear
decline trend when far away from the roadbed center. The stress still exists in the
area far away from the roadbed bottom and declines linearly. There exists the stress
at the place far away from the bearing layer due to the spread of roadbed stress. The
stress spread within a certain range. The distribution regularity of vertical dynamic
stress for double-block ballastless track subgrade conforms to that for single
CRTSII type.

Fig. 19 Vertical dynamic stresses amplitude of subgrade cross section
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5.2 The Vertical Displacement Distribution and Attenuation
Regularity

The vertical displacement of the subgrade is deduced through computation.
Figure 20 depicts the vertical dynamic displacement time-history curves in sub-
grade of CRTSII-type slab ballastless track and Fig. 21 depicts that of the
double-block ballastless track.

Figures 20 and 21 reflect that when bogies of adjoining carriages pass the
roadbed, the displacement is obviously bigger than that of a single bogie. There
appears a double hump on roadbed top and bottom, but it is not clear on the roadbed
bottom. The dynamic stress declines as depth increases due to the damping. The
peak phenomenon comes later. The vertical dynamic displacement time-history
curves in subgrade of double-block ballastless track resemble that of CRTSII-type.

Figure 22 depicts the relationship between vertical dynamic displacement
amplitudes, and Fig. 23 depicts the relationship of the attenuation ratio of vertical
dynamic displacement amplitude with depth.

From figures, it is observed that there are three positions under ballastless track
subgrade which decreases as depth increases, and attenuation declines as depth
increases. Dynamic displacement of different positions decays congruously. Within
3 m deep from the roadbed top, the vertical dynamic displacement amplitude
decays 1/2 of that on the roadbed top. The dynamic displacement amplitude for
CRTSII-type ballastless track subgrade is bigger than that for the double-block
type. Right under the track and at the center of subgrade, the attenuation ratio of
dynamic displacement for CRTSII-type ballastless track subgrade is bigger than
that of the double-block type, and displacement amplitude under the bearing layer
for both types decays congruously (Figure 24).

It is inferred that the dynamic displacement of the subgrade is bigger when closer
to the center of the track. The farther to the subgrade center, the smaller dynamic
displacement is when the roadbed top and bottom for CRTSII type lies within the

Fig. 20 Vertical dynamic displacement time-history curves in subgrade of CRTSII-type slab
ballastless track
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bearing layer, the smaller it is. Whereas, there is a little variation to the dynamic
displacement when the roadbed top and bottom for double-block type lies within
the bearing layer, which accounts for the stiffness of double-block being stronger
than the single slab type. When it is far beyond the bearing layer, the displacement
is smaller. The displacement under the track of both types approaches each other.
The displacement is 0.22 m at the center of subgrade bottom base and is 0 at 3.8 m
away from it. It is illustrated that the effect of passing train on the dynamic dis-
placement of the subgrade is within a limited range along the track vertically and is
more obvious in the subgrade under the track.

Fig. 21 Vertical dynamic displacement time-history curves in subgrade of double-block
ballastless track

Fig. 22 Relationship
between vertical dynamic
displacement amplitude and
depth

404 X. Wang et al.



5.3 The Distribution and Attenuation Rule of Acceleration

The acceleration is calculated through computation and the time-history curve of
roadbed top under CRST II type ballastless track is depicted in Fig. 25.

Fig. 23 Decay ratio of vertical dynamic displacement amplitude with depth

Fig. 24 Vertical dynamic displacement amplitude of subgrade cross section
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From Fig. 25, it is seen that there is a clear periodicity of dynamic acceleration
time-history curve in subgrade when the train passes. Tested from the cross section
of train wheels, the peak of dynamic acceleration time-history curve looks like a
mutation.

Figure 26 shows the distribution rule of vertical dynamic acceleration in dif-
ferent positions of subgrade along the depth. Figure 27 shows the distribution of
vertical dynamic acceleration amplitude of cross section in the subgrade.

From both figures, it is seen that within 1 m deep from the subgrade top, the
acceleration in the subgrade under the track is bigger than that in the subgrade at the
center of the roadbed and under bearing layer edge. The acceleration for CRTS II
ballastless track subgrade is bigger than that for the double-block type. But 1 m
deep from the subgrade top, the acceleration of different track structure and different
position tends to be consistent. The acceleration decays mainly in the area around
1.5 m deep from the roadbed top, and it decays 90%. The acceleration distributes

Fig. 25 Dynamic acceleration time-history curves of subgrade surface layer

Fig. 26 Relationship
between vertical dynamic
acceleration amplitude and
depth
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horizontally in subgrade similarly to the vertical dynamic stress. By comparison,
the acceleration reaches a maximum in the cross section right down the track, but
the dynamic stress reaches a maximum at the bearing layer edge. The vertical
acceleration under concrete bearing layer is faster, beyond which it decays fast
horizontally. This illustrates that the vibration in this area is not strong. The
acceleration peak value of roadbed top for CRTS II type ballastless track subgrade
appears clearer than that for the double-block type. It is accounted by the fact that
the CA mortar in the CRTS II-type ballastless track subgrade gets involved in
vibration, and its elastic modulus is low, which leads to the concentration of dis-
placement vibration on the roadbed top.

6 Conclusions and Suggestions

Based on ANSYS, the paper proposed the 3-d finite model for CRTSII-type bal-
lastless track subgrade and double-block type with APDL language. Here discussed
the dynamic behavior distribution and attenuation rule under high-speed trainload.
The main conclusions are summarized as follows:

1. Based on ANSYS, the numerical simulation model is established for the bal-
lastless track subgrade of a high-speed train with APDL language. After been
compared with the results calculated and quoted from references, the feasibility
of the 3-d finite model for ballastless track subgrade is tested through the
dynamic model and solutions verification.

2. The dynamic loading mode is key to analyzing the dynamic behavior of track
subgrade, the dynamic stress, and dynamic displacement of four-type vehicle
model calculated and compared, i.e., 4-wheel disperse model of a single car-
riage, 4-wheel disperse model of bogies, disperse model of two carriages, and
disperse model of four carriages. The results show that the dispersion model of

Fig. 27 Vertical dynamic
acceleration amplitude of
subgrade cross section
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two carriages can better simulate the dynamic displacement and dynamic
appearance process when the train passes.

3. Here analyzed was dynamic stress, dynamic displacement, and acceleration
distribution and attenuation as the depth increases in CRTS II ballastless track
subgrade and double-block type. The results show that the acceleration decays
fastest. The dynamic responses in the subgrade within the concrete bearing layer
almost remain unchanged. The dynamic stress and dynamic displacement at the
bearing layer edge response frequently and decay fast beyond the concrete
bearing layer, which almost approaches 0. The dynamic responses in the area of
0-1.5 m deep from the track for CRTS II slab ballastless track subgrade are
bigger than that for the double-block type. The dynamic responses of subgrade
1.5 deep from the roadbed top for the two types tend to be consistent, which
shows that the effects of dynamic responses for a track on the subgrade lie on the
top of the subgrade.
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Dynamic Field Tests on the Base
of a Large Cross-Section High-Speed
Railway Tunnel

Fuchun Xue, Jianlin Ma and Liping Yan

Abstract The dynamic stability of a large cross-section tunnel base through
water-rich loess under high-speed train loading is a challenging problem. Field
cyclical dynamic tests were performed on an actual water-rich loess tunnel to
answer this difficult question. The dynamic effects of a high-speed train were
generated using a specially developed dynamic testing system. The loading test
results showed that the tunnel structure was sensitive to loading frequencies higher
than 13 Hz. Vertical dynamic displacement on the loading surface increased non-
linearly with increase in the loading frequency. The vertical vibration velocity
became larger at loading frequencies higher than 13 Hz. The maximum vibration
velocity on the loading surface was smaller than the permitted value. The maximum
velocity in the loess was less than its critical vibration velocity without any reso-
nance occurring. The vertical dynamic stress was somewhat insensitive to loading
frequency, and its attenuation with depth can be expressed by an exponential
function. Based on these results, it can be concluded that the tunnel structure is safe
and that the tunnel base is stable. The tunnel meets the operation requirements for
high-speed trains.
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1 Introduction

The total length of the high-speed railway on the Zhengzhou to Xi’an Passenger
Dedicated Line (ZXPDL) in China is 485 km. It is the first newly constructed
passenger dedicated line with a design speed of 350 km�h−1 in China in a loess
area; in fact, it is the first high-speed railway in the world in a loess area. There are
38 tunnels on the ZXPDL with a total length of 77 km. The loess areas are widely
distributed along the railway. Cumulatively, approximately 50 km of tunnels is
located in the loess strata, many of which are collapsible or water-rich loess with
poor engineering properties. Because there are great differences in engineering
properties between collapsible loess and water-rich loess, different measures are
taken to improve the properties of the different loesses. This paper concerns only
water-rich loess.

In this study, field dynamic tests were conducted in the Zhangmao Tunnel of the
ZXPDL. It was excavated using the short-staged seven-step excavation method [1].
During construction, the structure of the loess at a certain depth below the exca-
vated surface was softened by seepage water and then destroyed by stress release
and the repeated rolling of construction machines. Serious seepage occurred over a
large area of the excavated surface, which immersed the operation face in
groundwater. The continuous vibration and rolling of the construction machines
deteriorated the construction conditions. The loess was severely softened, as shown
in Figs. 1 and 2 taken by the corresponding author during excavation of the tunnel.

The following measures were taken to prevent the loess from being further
softened and to ensure the safe construction of the tunnel.

(a) The excavation surface was sealed by spraying it with 4 cm thick concrete
within 30 min of excavation.

(b) The seepage water that collected at low areas in the tunnel was promptly
drained.

Destroyed water-rich loess

Temporary 
lining of tunnel

Fig. 1 Destroyed water-rich
loess
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(c) The areas near the tunnel center line and sidewalls were sealed by spraying
them with 20 cm thick concrete to prevent the tunnel base water-rich loess from
being softened.

(d) A rapid-strengthening agent was added to the sprayed concrete to ensure the
concrete was in a state of hard plasticity or even solidity within 30 min,
meeting the requirements for subsequent construction of the tunnel.

Although the effectiveness of these measures had been validated in the field [1], a
determination was needed as to whether the tunnel base would be stable under
high-speed train dynamic loading during operation. Field testing was an effective
way to answer this difficult question. Much work has been done regarding field tests
for railway line construction. As requested by German National Railways in 1995,
ThyssenKrupp GfT Tiefbautechnik developed a mobile subgrade Dynamic Stability
Field Test device. This device could be directly installed in situ to test the dynamic
characteristics of earth structures before laying ballastless, or ballasted, tracks. In
approximately 5 years following its development, this device was used in more than
15 dynamic field tests in Germany and the Netherlands [2]. Elsewhere, in situ
vibration measurements had been performed within the framework of the
CONVURT project at a site in Regent’s Park on the Bakerloo Line of London
Underground. The study involved 35 passages of a test train at a speed between 20
and 50 km/h. Vibration measurements were performed on the axle boxes of the test
train, on the rails, on the tunnel invert and tunnel wall and in the free field [3]. In
another study, a reduced scale experiment with three sleepers was used to study the
dynamic behavior and the settlement of ballasted tracks for a high-speed railway [4].

Ling [5] studied the vibration characteristics and attenuation of the subgrade
caused by passing trains in a seasonally frozen region of Daqing, China. Three field
experiments were conducted during normal, freezing and thawing periods,
respectively. In another study, numerical simulations of the in situ loading test for
the structural response of segmental tunnel linings were performed [6]. A new
testing method was introduced to examine the mechanical behavior of railroad

Temporary 
lining of tunnel

Surrounding loess

Seepage water at
lower position

Dry loess

The foot of shaped-steel was 
immersed in seepage water

Fig. 2 Immersed sidewall
and softened loess
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ballast subjected to repeated train passages on ballasted track [7]. Elsewhere, a new
methodology was developed for an in situ full scale test on a type of tunnel and
applied on an experimental section of the new Line 9 of the Barcelona metro system
[8]. In the Netherlands, a numerical model was presented to predict the dynamic
loads on ballast caused by trains passing a transition zone; field data obtained from
an extensive field survey in two transition zones were used to validate the model
[9]. In Spain, monitoring work was conducted for a set of six rectangular-shaped,
closed-frame underpasses under traffic loading, and the data were obtained and
analyzed during on-site measurements of culverts along a Spanish high-speed train
line [10]. Most recently, an in situ dynamic test was conducted on a typical cross
section of railway cutting in expansive soil on the Kunming–Nanning Passenger
Dedicated Line in China; the test allowed the dynamic characteristics of a new type
of railway subgrade to be studied [11].

Previous studies have been focused mainly on embankments and other struc-
tures. No tests have been conducted for tunnels, especially for large cross-section
tunnels constructed in water-rich loess. The research described in this paper was
conducted to address this void. The field study was conducted using cyclical
dynamic tests that simulated high-speed train vibration effects. The tests were
conducted on the base of a tunnel built through water-rich loess and were under-
taken after completion of construction but prior to placement of the ballastless track
slabs. This paper describes the dynamic field tests and the resulting data, analyses
and conclusions.

2 Description of Testing Procedure

2.1 Testing Section

Zhangmao Tunnel is located in Sanmenxia City on the ZXPDL (Fig. 3). It has a
total length of 8483 m. The 5293 m segment near the tunnel portal is within an
andesite stratum interbedded with sandy shale and limestone. The 3190 m segment
near the tunnel exit is within a quaternary clayey loess stratum below the
groundwater table. The maximum buried depth is 100 m within Grade IV and
Grade V surrounding soil. The head of the groundwater is 20 m higher than the
tunnel crown, and the surrounding soil contains abundant pore water.

Zhangmao Tunnel is a single-tube double-line railway tunnel with a
cross-section excavation area of 170 m2 (Fig. 4). The tunnel must satisfy strict
requirements for foundation stability. According to the Chinese Standard [12], the
settlement for the tunnel base must be less than 15 mm after the placement of the
ballastless tracks.

The key physical and mechanical properties of the water-rich loess obtained
from the site exploration and laboratory tests are listed in Table 1, and the main
lining parameters are summarized in Table 2.
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Zhangmao tunnel

Zhengzhou-Xi’an
high-speed  railway

Fig. 3 Location of Zhangmao Tunnel

Fig. 4 Cross section of Zhangmao Tunnel (unit mm)

Table 1 Key physical and mechanical properties of the loess stratum

Natural
density q
(kg/m3)

Natural
water
content
(%)

Void
ratio
e

Degree of
saturation
Sr (%)

Liquid
limit IL
(%)

Plastic
limit Ip
(%)

Cohesion
c (kPa)

Angle of
internal
friction / (°)

2000.0 23.0 0.67 95.0 37.0 22.0 60.0 21.0
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2.2 Loading System

To conduct the dynamic tests, a dynamic testing system (DTS-1, Fig. 5a) was
specially developed at Southwest Jiaotong University. As shown in Fig. 5, this
system is placed on a loading area and mainly consists of a vibration machine,
weight combinations, a driving motor, a vibration frame and two trolleys.

The main part of the vibration machine consists of two eccentric blocks, which
are installed symmetrically as highlighted in red in Fig. 5b, c. A right-hand
Cartesian rectangular coordinate system is defined. In the coordinate system, the X-
axis, Y-axis and Z-axis coincide with the horizontal, vertical and longitudinal
directions, respectively. The rotation of the eccentric blocks is driven by the driving
motor through the shaft connecting the motor and the vibration machine. The
rotation of the eccentric blocks generates the horizontal (X direction) and vertical
(Y direction) force outputs. The symmetric installation of the two eccentric blocks
ensures that the horizontal force outputs have the same value but act in opposite
directions so that the equilibrium in the horizontal direction is automatically sat-
isfied. Therefore, the force outputs have only a vertical component, which is the
vertical exciting load needed.

This system has a wide frequency range and provides a large exciting force. It
has eight different combinations of the eccentric block patterns corresponding to
different frequency ranges. Under the same excitation frequency, different eccentric
block combinations result in various exciting force outputs that have the high
amplitude changes needed to meet the loading requirements for the structures to be
tested. According to the actual needs, different combinations of eccentric blocks can
be allocated in the field tests [13].

Based on our earlier feasibility analysis, a sinusoidal wave was chosen as the
input function of the pressure for the dynamic system. The magnitude of the
sinusoidal wave was set to 30 kPa, and the frequency ranged from 5 to 27 Hz [14].
The vibration machine was placed on the tunnel base of the left railway track, as
shown in Fig. 6. The loading area was square with a side length of 2.22 m.

The transducers used in the tests included seven earth pressure cells, eight
vertical vibration sensors, four pore water pressure sensors and two strain sensors.
The layout of the transducers is shown in Fig. 6.

Table 2 Main mechanical properties of the tunnel structures

Name Temporary lining (rigid-frame
shotcrete support)

Primary lining Inverted arch

Thickness (cm) 30 60 Maximum = 120

Elastic modulus (GPa) Sprayed concrete: 25
Anchor bolt: 206
I-type steel: 206

30 28

Poisson’s ratio 0.1 (averaged) 0.15 0.15

Density (kg/m3) 2400 (averaged) 2400 2350
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(1-Driving motor; 2-Vibration frame; 3-Vibration machine; 4-Weight combinations; 5-Trolley)

(b) The positions of the two eccentric blocks (highlighted in red) in the whole system.

(c) The details of the two eccentric blocks (highlighted in red). 

X

Y

Z O

X

Y

Z O

(a) The whole system. 

1

Loading area

2

4

5 3

Tunnel lining

Top of inverted arch

4

Fig. 5 DTS-1 dynamic testing system
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2.3 Loading Schemes

The testing started on August 11, 2008, and lasted for 8 days. Based on our previous
study, the dynamic test included two stages. The first stage was a frequency
sweeping test. The test frequency varied from 5 to 27 Hz gradually. Special fre-
quencies could be determined and selected from the field data when the tunnel base
exhibited noticeable responses to such frequencies. The second stage was a dynamic
fatigue test. The high-speed train dynamic loading was modeled, and the operation of

(a) Plan view. 

(b) 1-1 section. (c) 3-3 section. 

Xi'an

100010002500

2 2

DK225+141.5

3 3

1 1

2500 2500

DK225+145

Earth pressure cell(EPC)

Vertical vibration sensor(VVS)

Pore water pressure sensor(PWPS)

Sampling hole

Strain sensor

Zhengzhou

Unit: mm1800 12002820

2000 2500

200mm shotcrete

Vibration
machine

R
ai

lw
ay

 c
en

te
r l

in
e

1-1

PWPS-1
PWPS-2
PWPS-3
PWPS-4

VVS-1VVS-2

VVS-3
VVS-4
VVS-5
VVS-6
VVS-7
VVS-8

R
ai

lw
ay

 c
en

te
r l

in
e

Tu
nn

el
 c

en
te

r l
in

e

300

2100

500
500
500

1000

1000

Vibration
machine

R
ai

lw
ay

 c
en

te
r l

in
e

3-3

EPC-1
EPC-2

EPC-3
EPC-4
EPC-5

EPC-6
EPC-7

R
ai

lw
ay

 c
en

te
r l

in
e

Tu
nn

el
 c

en
te

r l
in

e

300

2400

500

500

1000

1000

200mm shotcrete

Fig. 6 Layout of the transducers (unit mm)

418 F. Xue et al.



a high-speed train was simulated for at least one maintenance period (approximately
two million loading times) under the frequencies selected during the first stage. The
dynamic characteristics of the tunnel-foundation system were examined at this stage.
Thereafter, the dynamic responses of the tunnel base could be investigated using the
test results. The description of the tests is described in Table 3. As shown, the tests
were focused mainly on frequencies between 13 and 20 Hz.

3 Results and Analyses

3.1 Vertical Dynamic Displacement Responses

Vertical dynamic displacement versus loading frequency Three measurements
of the vertical dynamic displacement on the loading surface were made during the
loading period. The first measurement was conducted early in the dynamic test,
when the frequencies were between 5 and 15 Hz. The second measurement was
conducted when the loading frequencies varied from 5 to 21 Hz. The third mea-
surement was made during the frequencies from 5 to 27 Hz. The evolution of the
vertical dynamic displacement on the loading surface is plotted in Fig. 7.

It can be clearly seen in Fig. 7 that the measurements were consistent, and the
evolution of the vertical dynamic displacement with frequency was nonlinear. The
vertical dynamic displacement increased rapidly from 13 to 20 Hz, which indicates
that the tunnel base was sensitive to these frequencies. The vertical displacement
tended to stabilize with a maximum value of 0.45 mm at frequencies exceeding
21 Hz. These results indicate that the tunnel structure and the surrounding loess
stratum were in a state of elastically small deformation.

Cumulative settlement versus loading number Prior to the dynamic loading test,
four points on the loading surface (namely 9#, 10#, 11# and 12# in Fig. 8) were
selected for measuring residual settlement during the testing period and after all

Table 3 Loading time (minutes) for different frequencies of tests conducted in August 2008

Date Frequency (Hz)

5 7 9 10 11 13 15 17 19 20 21 23 25 27

11 5 – – 17 – – 5 – – – – – – –

12 35 20 20 10 20 257 20 – – – – – – –

13 10 – – 15 515 129 – – – – – – – –

14 5 – – 15 – 386 – – – – – – – –

15 15 10 10 5 10 30 15 5 5 250 5 5 5 3

16 15 – – 15 – – 15 – – 275 – – – –

17 12 10 10 12 – 10 13 10 10 60 – – – –

18 5 – – 5 – – 5 – – 65 – – – –
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tests had been performed. The positions of the four points are shown in Fig. 8a. The
residual settlements of the loading area were measured using high-precision
equipment, as shown in Fig. 8b.

The development of cumulative settlement was nonlinear and can be divided
into three stages. Cumulative settlement tended to be stable when the number of
loading cycles exceeded 1.8 million. The permanent settlement on the loading
surface was approximately 0.45 mm after 2.3 million loading cycle. The observed
settlement was significantly less than the permitted 15 mm specified by the Chinese
standard [12]. The loading of 2.3 million cycles in the tests is equivalent to 20 years
of normal operation for high-speed railways under the assumption that 100 pairs of
trains are put into commercial operation each day.

3.2 Vertical Vibration Velocity Responses

Vertical vibration velocity versus loading frequency The evolution of the ver-
tical vibration velocity on the loading surface is shown in Fig. 9. As shown, this
velocity increased nonlinearly in response to frequencies from 5 to 27 Hz. The
vertical vibration velocity increased slowly as frequency increased to 13 Hz. At
frequencies from 13 to 21 Hz, the velocity increased more rapidly and increased
sharply (to a maximum of 1.6 mm/s) at frequencies exceeding 21 Hz. It can be
inferred that the tunnel base was sensitive to loading frequencies above 13 Hz. The
maximum vibration velocity was significantly less than the allowable safe velocity
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(a) Positions of the measurement points on the loading surface.

(b) Cumulative residual settlement on the loading surface vs. total number of 
    loading times. 
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Fig. 8 Cumulative residual settlement of the loading surface

0 5 10 15 20 25 30
0.0

0.5

1.0

1.5

2.0

Frequency /Hz

V
el

oc
ity

 /m
m

s-1

Fig. 9 Variation of the vertical vibration velocity with loading frequency
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of 30–45 mm/s (for a predominant frequency <30 Hz) as specified in the Swiss
Code [15], which applies to vibrations induced by traffic loading in underground
structures. These results indicated that the tunnel met the requirements for vibration
safety and operation for high-speed trains.

Variations in vertical vibration velocity with depth The evolution of the vertical
vibration velocities at different frequencies as a function of depth is illustrated in
Fig. 10. As shown, for the same depth, the vertical vibration velocity increased as
frequency increased. The velocities at each depth increment increased noticeably at
frequencies exceeding 13 Hz.

The evolution of the vertical vibration velocity with depth could be divided into
three regions. The first region was from the loading surface to some depth in the
tunnel lining, where the velocity decreased slowly. The second region was the zone
on both sides of the interface between the tunnel lining and the loess below the
inverted arch, where the velocity exhibited a sudden increase from the tunnel lining
to the interface and a sharp decrease from the interface to the loess. The maximum
velocity corresponding to the test frequency of 27 Hz was approximately 3.0 mm/s
at the interface. The third region was in the loess at some depth below the inverted
arch, where the velocity attenuated quickly and reached a value of 0.17 mm/s at
5.87 m below the loading surface. The sudden increase and decrease in the velocity
near the interface can be analyzed using wave motion theory [14, 16].

The maximum velocities on the loading surface, at the interface and in the
water-rich loess just below the inverted arch were 1.6 mm/s, 3.0 mm/s and
0.92 mm/s, respectively. Thus, the maximum velocity of the tunnel satisfied the
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requirements for vibration safety described in the Swiss Code [15]. For the
water-rich loess, the critical vibration velocity was calculated to be 1.45 mm/s
based on the physical and mechanical properties [14]. In the tests, the loess below
the inverted arch was in a state of triaxial compression. It can be inferred that its
critical velocity was much greater than the theoretically calculated value. On this
basis, it can be concluded that no resonance occurred in the loess; thus, the tunnel
base was stable.

3.3 Vertical Dynamic Stress Responses

The vertical dynamic stress magnitudes at different frequencies as a function of
depth, as well as the exponential curve and equation used to describe the stress data,
are shown in Fig. 11. At a fixed depth, the vertical dynamic stress generated by the
DTS-1 dynamic system fluctuated almost imperceptibly at loading frequencies from
5 to 27 Hz. It should be pointed out that the tunnel structure and the surrounding
loess were in a state of elastically small deformation under all loading frequencies
(see 3.1), so the strains in the tunnel structure and the surrounding loess were very
small. Thus, the corresponding stresses were all of a relatively low magnitude and
varied only slightly at different frequencies. Hence, it can be concluded that the
vertical dynamic stress was relatively independent of loading frequency in the
tunnel system.

0 10 20 30 40
-7

-6

-5

-4

-3

-2

-1

0

1

D
ep

th
 /m

Dynamic stress /kPa

z e0.55z

10% Vertical 
self-weight stress

Vertical self-weight stress

Interface between
lining and loessTemporary lining

and permanent lining

 5Hz
 9Hz
 13Hz
 17Hz
 21Hz
 25Hz
 27Hz
 Fitting

Water-rich loess

Inverted arch

Interface between
inverted arch and
lining

Loading surface

Fig. 11 Variations in the vertical dynamic stress with frequency at different depths

Dynamic Field Tests on the Base of a Large Cross-Section … 423



The attenuation of vertical dynamic stress can be expressed as Eq. (1):

rz ¼ 30� e0:55z ð1Þ

where rz is the vertical dynamic stress at z, and z is the depth below the loading
surface, which should have a negative value.

It can be inferred that the maximum vertical dynamic stress immediately below
the inverted arch was approximately equal to 10% of the vertical self-weight stress.
Therefore, the settlement due to additional stress could be neglected according to
the Chinese Standard [17].

3.4 Excess Pore Water Pressure Responses

Using the data measured by the four sensors, variations in the excess pore water
pressure as a function of loading time at different frequencies were determined, as
shown in Fig. 12.

The excess pore water pressure fluctuated slightly with frequency, which indi-
cates that this pressure was somewhat insensitive to loading frequency and the
number of loading cycles (Fig. 12). The excess pore water pressure exhibited
alternatively positive and negative values with an absolute maximum of 0.1 kPa,
which was too small for comparison to static pore water pressure at the corre-
sponding locations (Fig. 13) [18]. Therefore, it can be inferred that the water-rich
loess below the inverted arch would not be softened by the excess pore water
pressure. Thus, the water pressure below the inverted arch could be treated as the
static water pressure, and the excess pore water pressure could be ignored.

4 Discussion

In the tests, a sinusoidal wave having a magnitude of 30 kPa was chosen as the
input for the DST-1 system. It should be noted that the sinusoidal wave pressure is
different from the actual vertical dynamic stress caused by a high-speed train on the
loading surface. For this reason, there are differences in the dynamic responses
induced by these two types of loads.

The highest loading frequency in the tests was 27 Hz for a train speed of
350 km/h. If the speed of the train reaches or exceeds 400 km/h, the vibration
frequency in the tunnel and surrounding loess may increase to 40 Hz or more. Such
a high-frequency working condition was not considered in the tests due to current
limitations. Future studies may investigate this situation.
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5 Conclusions

Measures of water-proofing and drainage were taken to ensure safety during the
excavation and construction of the lining of the tunnel through a water-rich loess
stratum. After completion of the tunnel construction and prior to the placement of

(a) 5 Hz. (b) 9 Hz. 

(c) 13 Hz. (d) 17 Hz. 
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Fig. 12 Variations in excess pore water pressure with loading time for different frequencies

Dynamic Field Tests on the Base of a Large Cross-Section … 425



the ballastless track slab, cyclical dynamic tests were performed to answer the
challenging technical question of whether the tunnel base would be stable under
high-speed train dynamic loading. Based on the test results, the following con-
clusions were drawn.

• The development of cumulative settlement on the loading surface exhibits three
stages in response to the number of total loading cycles. The permanent set-
tlement after the complete dynamic test is much less than the allowable value
specified by the Chinese standard, thus validating the design of the tunnel
constructed through the water-rich loess stratum.

• The vertical dynamic displacement on the loading surface evolves nonlinearly
with loading frequencies and reaches a maximum value of 0.45 mm, meeting
the requirement for safe operation of a high-speed train.

• The vertical vibration velocity on the loading surface increases nonlinearly with
loading frequencies and has a maximum value of 1.6 mm/s, meeting the
vibration requirement for the safe operation of a high-speed train.

• The vertical dynamic stress is relatively independent of loading frequency and
decays with depth. Furthermore, the additional settlement due to the vertical
dynamic stress is small enough that it can be neglected during tunnel design.

• The excess pore water pressure generated by the dynamic loading test is small
enough that it cannot soften the water-rich loess below the inverted arch; thus,
the tunnel base is stable.

The Zhengzhou to Xi’an Passenger Dedicated Line has been in commercial
operation for more than 8 years (as of 2018). No problems in the water-rich loess
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tunnel have been reported, which indicates that the Zhangmao Tunnel is operating
safely as designed. Thus, the safe performance of the tunnel validates the conclu-
sions drawn from the dynamic testing procedure.
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Interaction Between Tracks
and Continuous Rigid-Frame Bridge
Carrying High-Speed Railway

Bin Yan, Gaoxiang Zhang and Haoran Xie

Abstract For the study on interaction between continuous rigid-frame bridge and
track under complex load, a simulation model for (72 + 128 + 72) m large-span
continuous rigid-frame bridge and double-line ballastless track system was estab-
lished. The interaction between large-span continuous rigid-frame bridge and track
was revealed under the actions of thermal effects, live load, train braking, wind,
uneven settlement, shrinkage and creep as well as earthquake. Influence of design
parameters was also discussed, and these parameters included the temperature rise
of beam and pier, vertical temperature disparity of bridge, loading position of live
load, regional basic wind pressure, uneven settlement, installing track time, and
spectral characteristics of seismic waves. The study shows the following: For the
reason that expansion length of the continuous rigid-frame bridge and the pier
rigidity are almost the same, envelope of rail stress is symmetrically distributed
under the loads of thermal effects and gradient, bending, shrinkage and creep as
well as earthquake, while the envelope of rail stress of braking and wind is inverse
symmetry; the maximal stress caused by all kinds of loads related above is near the
abutment; greater vertical displacement of the rail existed at the mid-span of the
continuous rigid-frame bridge under the loads of temperature gradient and uneven
settlement; for the action of shrinkage and creep as well as earthquake, there is huge
shear force for the piers, which exceeds 40,000 kN.
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1 Introduction

In recent years, continuous rigid-frame bridge has been widely used in high-speed
railway in China with unique structural characteristics such as high stiffness and
sensitivity to deformation of the bridge substructure. Track–bridge interaction has
been widely and deeply researched by scholars all over the world, and the bridge
types researched include simply supported bridge [5, 11, 14], long-span continuous
bridge [4, 12], continuous steel truss arch bridge [3], and cable-stayed bridge [2,
16]. However, there is not much study of interaction between double-line ballastless
tracks and continuous rigid-frame bridge carrying high-speed railway. Interaction
mechanism between continuous rigid-frame bridge and track system is still not clear
under the actions of vertical temperature disparity of bridge, wind, shrinkage and
creep as well as earthquake. The effects of design parameters on the system are still
remained to be studied.

In this paper, nonlinear bar elements were adopted to simulate longitudinal
resistance of the track, linear springs were established to simulate vertical stiffness,
and the bridge was simulated by the beam element with rigid arms. Taking a
(72 + 128 + 72) m long-span continuous rigid-frame bridge and double-line bal-
lastless track system as a case, the nonlinear simulation model considering the
foundation, pier, beam, and track as one system was established. The interaction
between long-span continuous rigid-frame bridge and tracks was studied under the
actions of thermal effects, temperature gradient, live load, train braking, wind,
uneven settlement, shrinkage and creep as well as earthquake. Influence of the
design parameters, including the temperature rise and gradient of beam and pier,
temperature gradient of beam and pier, loading position of live load, regional basic
wind pressure, uneven settlement, installing track time, and spectral characteristics
of seismic waves, was also discussed.

2 Interaction Model for Continuous Rigid-Frame Bridge
and Track System

Taking a (72 + 128 + 72) m long-span continuous rigid-frame bridge and
double-line ballastless track system as a case, single-box sections were adopted for
the bridge, the deck width was 12 m, and the mid-span height was 4.8 m, as shown
in Fig. 1. Rectangle thin-walled pier was adopted for the bridge piers, the height of
which is 96 m and 102 m, respectively.

The bridge was simulated by the beam element with rigid arms; the beam and
pier were rigidly connected. The bridge piers were modeled according to the fact,
and equivalent stiffness matrix with six degrees of freedom was established at the
bottom of the pier to simulate the pier–soil interaction, as shown in Fig. 2.

The double-line ballastless track was installed on the bridge, the rail was of
60 kg/m (equal to UIC60 track), and rail expansion device was not set. Outside of
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the abutments, the track of 200 m on each side of the embankment was established
[13]. Linear spring was established to simulate vertical stiffness. Nonlinear bar
elements were adopted to simulate longitudinal resistance of the track (r(x)) which
was fastening resistance; the relationship between it and the displacement (x) be-
tween rail and bridge could be expressed as follows [10]:

rðxÞ ¼
12:0x xj j � 2:0mmwithout vertical load
24:0 xj j[ 2:0mm without vertical load
18:6x xj j � 2:0mm with vertical load
37:2 xj j[ 2:0mm with vertical load
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Fig. 1 Beam cross section (unit: m)
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Fig. 2 Track–bridge interaction model
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ZK live load (equal to 0.8UIC) was taken as the live load, the loading length was
300 m [8], and the braking force ratio was safely taken as 0.25.

As for the ballastless track on concrete bridge, the thermal force was calculated
in accordance with the beam temperature rise and reduction of 30 °C. Continuous
rigid-frame bridge was sensitive to deformation of the bridge substructure; there-
fore, the conditions such as pier temperature rise and reduction of 30 °C were also
taken into account.

The vertical temperature disparity of the beam was suggested to take 5 °C in [8],
and 5 °C was also taken as the temperature difference between the one side and
another side of the pier in the paper.

Surface load was applied on longitudinal direction of the piers to analyze the
influence of the wind on the rail longitudinal force; according to [9], wind pressure
could be calculated as follows:

W ¼ K1K2K3W0 ð2Þ

In the equation, K1, K2, and K3 are the coefficients of shape, height, and geo-
morphic feature, respectively, and values for them were 1.4, 1.52, and 1.0 suc-
cessively. W0 is the regional basic wind pressure, which is 0.35 kN/m2 in
Changsha.

To consider the influence of the shrinkage and creep on the rail longitudinal
force, creep model provided in [9] was adopted. This creep model could consider
some influential factors like size, ambient humidity, loading period, and concrete
strength.

The bridge was in the region of Chinese Site type II, with characteristic period
0.35 s and earthquake fortification intensity 7. In order to study the force and
deformation behavior of continuous rigid-frame bridge–track system under actions
of different seismic waves, two seismic waves were adopted as the seismic exci-
tation, namely “1940, El Centro Site” and “1952, Taft Lincoln School.” Spectral
characteristics of the two seismic waves remained unchanged; only the acceleration
peak value of each wave was adjusted to 0.3 g [7].

3 Load and Parameter Analysis for Bridge–Track System

3.1 Thermal Effect

To study the interaction between tracks and continuous rigid-frame bridge carrying
high-speed railway under the action of thermal effect, railway temperature force
was calculated in accordance with the beam temperature rise and reduction of 30 °C
[6]. The pier temperature rise and reduction of 30 °C were also taken into account
at the same time. Four cases are listed in Table 1, and the calculation is shown in
Fig. 3.
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For this bridge, the track stress peak values were 64.7 MPa (tensile stress) and
62.2 MPa (compressive stress) occurring at both abutments; the maximum value of
horizontal force at the pier top was 1703.1 kN. The influence of pier temperature
rise on track stress was not obvious.

Table 1 Four cases for thermal effects

Case Description

1 Beam temperature reduction of 30 °C

2 Beam and pier temperature reduction of 30 °C

3 Beam temperature rise of 30 °C

4 Beam and pier temperature rise of 30 °C
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3.2 Temperature Gradient Effect

The vertical temperature disparity of beam was suggested to take 5 °C in [8]; this
paper took 5–10 °C for its calculation, and that value was also taken for the lon-
gitudinal temperature disparity of piers. The cases are listed in Table 2.

The track stress and vertical displacement were calculated, as shown in Fig. 4
and Table 3.

Table 2 Four cases for temperature gradient effect

Case Description

1 Beam vertical temperature disparity of 5 °C

2 Beam vertical temperature disparity of 10 °C

3 Beam vertical and pier longitudinal temperature disparity of 5 °C

4 Beam vertical and pier longitudinal temperature disparity of 10 °C
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vertical displacement

434 B. Yan et al.



When the vertical temperature disparity of beam was 5 °C, the track stress peak
values were 2.5 MPa (tensile stress) and 3.0 MPa (compressive stress) occurring at
the mid-span of the side span and two abutments. The maximum value of track
vertical displacement was 8.3 mm at the mid-span.

The peak value of track tensile stress, track compressive stress, and track vertical
displacement would increase 49%, 71%, and 1.8 mm, respectively; there was a
temperature disparity of 10 °C at the beam vertical and pier longitudinal direction at
the same time. Therefore, it is necessary to consider the influence of beam and pier
temperature gradient on the force and deformation of continuous rigid-frame
bridge–track system.

The difference of horizontal force at the pier top between P1 and P2 varied little
for the reason that expansion length of the continuous rigid-frame bridge and the
pier height were almost symmetrical. There was a little influence of beam vertical
temperature disparity on bending moment at pier top whose peak values were
6434.3 kN m (P1) and 8339.3 kN m (P2) under the action of case 4.

3.3 Live Load Effect

To consider the influence of live load cases on bending force, four cases were set
up, as shown in Fig. 5.

Force analysis of track–bridge system under actions of different cases is carried
out, as shown in Fig. 6.

As shown in Fig. 6, the track stress peak values were 7.0 MPa (tensile stress)
and 10.8 MPa (compressive stress) occurring at both abutments and mid-span. The
maximum value of horizontal force at the pier top of P1 and P2 occurred under case
2 (1086.7 kN) and case 3 (1143.6 kN), respectively.

3.4 Train Braking Effect

In order to consider the influence of different train braking position on system, five
cases were set up, as shown in Fig. 7.

Table 3 Horizontal force and bending moment at pier top

Item Case 1 Case 2 Case 3 Case 4

Horizontal force at pier top (kN) 312.4/296.0 624.7/591.9 312.4/296.0 624.7/591.9

Bending moment at pier top
(kN�m)

iota iota 3217.2/
4169.7

6434.3/
8339.3

Annotation: value before “/” represented P1 and that after “/” represented P2
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Fig. 5 Live load cases
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Track stress, horizontal force, and displacement at the pier top under actions of
different cases are calculated, as shown in Fig. 8.

As shown in Fig. 8, the track stress peak values were 53.3 MPa (tensile stress) and
57.5 MPa (compressive stress) occurring at two abutments. The horizontal forces at
the pier top ofP1 andP2were almost the same; the peak value of it was 555.8 kN (case
3). Themaximumhorizontal displacement at the pier topwas 6.2 mmwhich exceeded
the limit (5 mm) suggested in [1] but still met the requirement of “Fundamental code
for design on railway bridge and culver” [9] of China.

3.5 Wind Pressure Effect

China is vast in territory; the wind velocity and terrain features are greatly different
in terms of regions. In order to study the force of track and pier of continuous
rigid-frame bridge under the action of wind pressure, 0.35 and 0.7 kN/m2 were
adopted as regional basic wind pressures to calculate system mechanical behavior
due to wind pressure [15], as shown in Fig. 9.

The track stress peak values were 20.6 MPa (tensile stress) and 18.1 MPa
(compressive stress) occurring at abutments. As for horizontal force at the pier top,
it could increase from 343.5 to 687.0 kN as regional basic wind pressure increased
from 0.35 to 0.7 kN/m2.

3.6 Uneven Settlement Effect

To consider the influence of uneven settlement between two adjacent piers on
mechanical behavior of continuous rigid-frame bridge–track system, 5 and 15 mm
enforced displacements were applied at the bottom of pier P1[10], as shown in
Fig. 10.
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Case 5

Fig. 7 Train braking cases
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As shown in Fig. 10, the peak value of track tensile stress was 3.3 MPa still
occurring at abutments; the maximum track compressive stress (about 3.1 MPa)
and vertical displacement (15.0 mm) both occurred at the mid-span of the side span.
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Fig. 9 Track stress due to wind pressure
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3.7 Concrete Shrinkage and Creep Effect

Concrete shrinkage and creep were frequently in early stages of development when
the track was laid on the bridge. Concrete shrinkage and creep would make beam
extending and deflecting, leading to the displacement between track and beam and
then causing track longitudinal stress.

Assuming that track was installed on bridge after completed 60 days and
ignoring long-term loading diffusion effect in track caused by track maintenance
and train operation, the construction process of continuous rigid-frame bridge was
completely simulated and the influence of deadweight and prestress on shrinkage
and creep was considered. The track stress was calculated when the track was
installed after the beam kept for 30, 60, 90, 180, 360, and 720 days, as shown in
Table 4.

As shown in Fig. 11, the peak values of track stress were 191.0 MPa (tensile
stress) and 90.2 MPa (compressive stress). The peak value of track stress caused by
shrinkage and creep would decrease greatly with the increase in installing track
time. The maximum tensile and compressive stress dropped 44% and 45.6%,
respectively, with the installing track time increased from 30 days to 2 years. The
influence of installing track time on final track stress generated by shrinkage and
creep could greatly weaken when installing time exceeded 180 days. Installing
track time did not influence much on horizontal force at the pier top.

3.8 Earthquake Effect

The track reinforced vertical resistance and played a role as hysteretic energy at the
same time because of the nonlinear function between bridge and track, helping
bring down seismic response of bridge. Two seismic waves were adopted as the
seismic excitation, namely “1940, El Centro Site” and “1952, Taft Lincoln School”
in the seismic analysis of railway bridge, and the acceleration peak value of each
wave was adjusted to 0.3 g [7]; then, the forces of track and pier were calculated
under uniform excitation, as shown in Fig. 12.

As shown in Fig. 12, the track stress (envelope) was distributed like “double
diamond”; the track stress peak values were 239.5 MPa (tensile stress) and

Table 4 Six cases for
shrinkage and creep effect

Case Installing track time (days)

1 30

2 60

3 90

4 180

5 360

6 720

440 B. Yan et al.



233.0 MPa (compressive stress) occurring at two abutments. For the action of an
earthquake, there was a huge longitudinal shear force for the piers (36,446.9–
40,331.4 kN).

4 Conclusion

Taking a (72 + 128 + 72) m continuous rigid-frame bridge as a case, the nonlinear
simulation model for long-span continuous rigid-frame bridge carrying high-speed
railway and double-line ballastless track system was established. Load-carrying and
deformation behaviors of tracks–continuous rigid-frame bridge carrying high-speed
railway were studied under the action of thermal effect, live load, train braking,
wind, uneven settlement, shrinkage and creep as well as earthquake. The main
conclusions were as follows:

For the reasons that expansion length of the continuous rigid-frame bridge and
the substructure was symmetric, envelope of rail stress was symmetrically
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distributed under the loads of thermal effects and gradient, bending, shrinkage and
creep as well as earthquake, while the envelope of rail stress of braking and wind
was inverse symmetry; the maximal stress caused by all kinds of loads related
above was near the abutment.

There was a huge shear force for the piers due to the thermal effect, live load,
train braking, wind, uneven settlement, shrinkage and creep as well as earthquake;
the peak values were 4198.3 kN (concrete shrinkage and creep) and 40,331.4 kN
(earthquake).

As for wind pressure, the track stress peak values reached 20.6 MPa when the
regional basic wind pressure was 0.70 kN/m2. The influence of wind on track
should be considered.

The uneven settlement influenced a little on track stress but led to larger track
vertical displacement (15 mm for this bridge), affecting train operation safety.
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The track stress caused by shrinkage and creep would decrease greatly with the
increase in installing track time. The maximum tensile and compressive stress
dropped about 8.0% and 7.8%, respectively, with the installing track time increased
from 30 days to 90 days.

The seismic response of continuous rigid-frame bridge–track system was related
to spectral characteristics of seismic waves. The track stress (envelope) was dis-
tributed like “double diamond” and had a huge longitudinal shear force at the pier
bottom under the action of seismic waves. For the bridge, the track stress peak
values reached 239.5 MPa (tensile stress) and 233.0 MPa (compressive stress); the
peak value of shear force was 40,331.4 kN.
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Field Observations on Mud Pumping
of Ballastless Track in High-Speed
Railway

Zhangbo Wan, Shuhao Li, Xuecheng Bian and Yunmin Chen

Abstract Mud pumping is a relatively common subgrade distress in ballasted and
ballastless track in high-speed railway (including passengers and freight trans-
portation). Based on the preliminary literature research, it can be found that most of
these researches focus on the fouled ballast, interlayer creation and mud pumping in
ballasted track; however, little research paid attention to the mud pumping in
ballastless track. Therefore, field observations were conducted to investigate the
inducing factors of mud pumping in ballastless track. It is observed that the average
water content of track roadbed layer is relatively high, and fine particles content are
close to and sometimes can even surpass the upper limit of track roadbed specifi-
cation of ballastless track. The upper limit specification just considered the com-
paction of track roadbed, but not considered whether this kind of limit specification
can lead to mud pumping; therefore, a reconsideration is needed to be taken to the
upper limit of track roadbed specification of ballastless track.

Keywords Mud pumping � Literature research � Filed observations � Water
content � Fine particles content � Ballastless track

1 Introduction

At present, passengers and freight transportation both put forward to a higher
expectation of faster trains in railway transportation. As the world has been
searching for the greater mobility and environmentally friendly way of trans-
portation, therefore, high-speed railway is set to become an attractive choice for
passengers and freight transportation. With the continuous increase in speed and
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axle load, many subgrade distresses and issues are coming out, such as fouling
ballast, differential settlement, ballast and track roadbed degradation, as well as mud
pumping. Among all these subgrade distresses, mud pumping is considered to be
most common and serious distresses, most sensitive to water, and also has the short
maintenance intervals but a relative high maintenance costs [7]. Professor
Buddhima specially leads a research team at the University of Wollongong to
determine the underlying causes of a process known as mud pumping, highly
destructive to railway lines, aiming at improving the railway network by under-
standing the process of mud pumping.

Mud pumping occurs when cyclic load of passing trains generates excess pore
water pressure, causing upward migration of fluidized subsoil/subgrade to the upper
ballast layer causing differential settlement. As for ballasted track, re-filling the
weak area with new ballasts is the common way to alleviate the differential set-
tlement; however, this kind of maintenance can lead to ballast pockets, and lots of
fine particles were blocked in the pockets, leading to a lower permeability of ballast
layer; therefore, water accumulates, and finally weakens the stiffness of roadbed.

Cui has conducted detail investigations and research on the conventional rail-
ways in France, most of which focus on the hydraulic performance and mechanical
properties of fouling ballast, interlayer creation phenomenon, effects on mechanical
properties of interlayer with a higher water content and fine particle content [3, 4].
Based on an on-site sampling test of fouling ballast (h = 0.5 m), as shown in Fig. 1,
Cui has developed a large-scale cell allowing drainage and evaporation tests to be
carried out with monitoring both suction and volumetric water content at various
positions of this sample. For a detail investigation of the mechanical behavior of
fouling ballast, another monotonic and cyclic triaxial tests were carried out, using a
large-scale triaxial cell. They found that the hydraulic conductivity of fouled ballast
is decreasing with suction increase, as for common unsaturated soils, the effect of
fines content was found to be negligible. Water content is an important factor to be
accounted for, since any increase in water content or degree of saturation signifi-
cantly decreases the shear strength and increases the permanent strain.

Fig. 1 Geological profile of
the substructure in
Sénissiat-France [3]
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There is a mixed layer existing in the middle of ballast and subgrade/subsoil
layer, which is called the interlayer. In ancient railway substructure in France, after
years of railway operation, the interpenetration phenomenon of fine particles of
subgrade and ballast layer becomes serious; therefore, a layer with high content of
fine particles and lower permeability coefficient naturally formed after compaction
under train load. According to the large-scale monotonic and cyclic triaxial tests,
the effects of fine particles and water content on the mechanical behavior of
interlayer soil were investigated. It is observed that when the water content is in a
relatively low state (w = 4% and w = 6%, in dry condition), adding more fines in
the interlayer does not significantly change the shear strength, but drastically
decreases the shear strength parameters, such as friction angle and cohesion, in
nearly saturated condition (w = 12%) [4].

For further investigations on the driving factors for the interlayer creation and
mud pumping phenomena in railway substructure, some physical model tests on a
ballast layer overlying a subsoil layer were carried out under different conditions in
terms of water content, loading and subsoil dry unit mass; Cui developed a small
apparatus for these tests, as shown in Fig. 2; this apparatus can be equipped with
various sensors and devices allowing water content, pore water pressure and axial
displacement to be monitored, and all of these can be used for investigating the
creation condition of interpenetration of ballast and subgrade, and the mechanism of
mud pumping [5, 6]. As is listed in his previous study [5, 6], the subsoil has various
properties, and also this kind of subsoil was prepared from crushed sand and kaolin
(70%/30% by dry mass), namely 70S30K. The reason for using this artificial
material is that it has a high percentage of fines, and this material is similar to the
subsoils found at the sites with mud pumping identified [1, 2]. Cui conducted
monotonic and cyclic triaxial tests for three kinds of samples having different initial
dry unit mass (qinitial−1 = 1.4 g/cm3, qinitial−2 = 1.5 g/cm3, qinitial−3 = 1.6 g/cm3).
He founds that soil compressibility (initial dry unit mass) is a key parameter to be
considered when dealing with mud pumping and interlayer creation phenomena; for
a higher dry unit mass (qinitial−3 = 1.6 g/cm3), the compressibility is low; the
generation of pore water pressure is limited, and thus, only interlayer creation can
take place. By contrast, for a lower dry unit mass (qinitial−1 = 1.4 g/cm3, qinitial
−2 = 1.5 g/cm3), the compressibility is higher, high pore water pressure can be built
up, and hence, mud pumping can occur, and Fig. 3 shows the evolution of inter-
layer creation and mud pumping phenomenon (qinitial−2 = 1.5 g/cm3) [5, 6].

Mud pumping is a phenomenon; fine particles from the subgrade migrate upward
into the track roadbed layer voids due to the generation of cyclic excess pore water
pressure, which results in differential track settlement [1]. The mud collected on the
ballast appears as solidified mud in relatively dry periods, and as slurry during the
rainy seasons, these phenomena also appear in ballastless track, as shown in Fig. 4.
When fine particles are pumped up and accumulate in the ballast layer, the ballast
becomes clogged and can no longer properly perform and even lose its duty [2].
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As to ballastless track, in the action of the cyclic dynamic train load, an inter-
layer is formed between the track roadbed and subsoil/subgrade, which contains
lots of fine grains, leading to a lower permeability; therefore, the interlayer has a
strong ability of water retention ability. The concrete base is provided with an
expansion joint at every 20 m; in real engineering program, the expansion joint is
sealed by plywood and emulsified asphalt for water-blocking and preventing the
infiltration of rainwater. However, during the long-term train operations, under the
coupling of complex natural force and high-frequency cyclic dynamic train load,
the filling materials in the expansion joint gradually age and fail, thereby lose its
water-blocking function. For areas with abundant rainfall, due to the water retention
function of interlayer, the rainwater infiltrated into the subgrade bed cannot be

Fig. 2 Schematic view of the apparatus developed and the real one in laboratory [4, 6]

Fig. 3 Photographs of evolution of the ballast/subsoil interface (qinitial−3 = 1.5 g/cm3, [5, 6])
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drained in time, and the free water in graded gravel layer, that is, the track roadbed
layer, will produce a relative high dynamic water pressure under the high frequency
of cyclic and dynamic train load; during the dissipation process of dynamic water
pressure, the fracturing action will occur in the soil skeleton, and the fine particles
are incorporated into the dissipated pressurized water and then carried out, which
leads to void area to upper structure of railway. At the same time, due to the high
frequency of train load, the dynamic pore pressure can not dissipate timely, which
will lead to the accumulation of pore pressure. When the pore pressure accumulates
to a certain extent, the fine particles, most belonging to subsoil, will be sucked to
the track roadbed layer and then pumped out from side cracks and expansion joints,
for the next time of pore pressure dissipation process.

As shown in Fig. 5, Liu has given the detail explanation of the mechanism of
mud pumping [8]; he found that the connection at the expansion joint is in a weak
state, and when the train passes at a relative high speed, the end of concrete base
bears a concentrated train load; as the infiltration of the rainwater may cause a
decrease in the bearing capacity, the stress conditions of the end of concrete base
are similar to that of the cantilever plate. With the intensification of the coupling
action between the natural environment force and the high frequency of train load,
the hollowing and flapping action at the end of concrete base is also intensified; it
will lead to a continuous increase in the cantilever effect at the end of the concrete
base, and as time passes, the saturated graded gravel layer gradually forms a muddy
mixture, which will be finally pumped out, caused by high-frequency of train load;
all of these will lead to a common subgrade distresses in railway, namely the mud
pumping phenomenon.

PHAM designed a large-scale laboratory experiment [9], as shown in Fig. 6,
which focuses on the dynamic performance of subgrade of ballastless track under
two different conditions: no mud pumping period (optimum water content) and mud
pumping period (saturated water content).

Fig. 4 Different kinds of mud pumping in ballastless track railway
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Among all the researches about mud pumping, most of which focus on the
mechanism of fouling ballast, creation of interlayer and mud pumping phenomenon
of ballasted railway, however, little research focuses on the mud pumping in bal-
lastless track, so a more investigation should be located on this kind of subgrade
distress (mud pumping) in ballastless track. Based on the field observations of a
ballastless track railway in southeast of China, we found that there were many mud

Fig. 5 Mechanism of mud pumping at expansion joint [8]

Fig. 6 Laboratory experiment for mud pumping investigation [9]
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pumping points along this line, so we conducted an on-site sampling experiments of
subgrade in order to have a good investigation of the inner properties of the track
roadbed layer.

2 On-Site Sampling Experiment

With the help of some railway staff, we got the chance for field observations of mud
pumping points along the line. During the field investigation, we found that most of
the sections built on the soil subgrade (in China, most of the high-speed railway
lines are built on viaduct, ensuring less differential settlement) are suffering mud
pumping distress, and we luckily found a no mud pumping point, because another
viaduct crossed this line; as a result, no free water or rainfall can infiltrate in this
track roadbed and subgrade. Therefore, we can conclude that water plays a leading
role in mud pumping phenomenon in railway. So, in order to have a thorough
understanding of this kind of distress, we chose a unit of concrete base (20 m long)
as the testing point and sampled nine groups of soil samples, including track
roadbed and subsoil/subgrade soil. Figure 7 shows the distributions of sampling
points in railway line, which suffers serious mud pumping. We chose three sym-
bolic cross sections as sampling section: cross section 1, including two vertical
samples (V-1 & V-4) and one horizontal sample (H-1); cross section 2, including
V-2, V-5 and H-2; cross section 3, including V-3, V-6 and H-3. According to the
on-site investigation, section 1 located at the end of concrete base, suffering the
serious mud pumping, section 3 located at another end, suffering the moderate mud
pumping, and section 2 located in the middle of slab 104#, the second track slab,
suffering slight mud pumping.

As we all known that high-speed railway has its own unique and systematic
maintenance mode, so we developed a removable apparatus, applying to the on-site
sampling experiments, as shown in Fig. 8. The safety height (minimum operation
height) of this apparatus is also taken into consideration. According to the normal
grain-size distribution curve of track roadbed and subgrade/subsoil, the passing
percentage of track roadbed, particle size 31.5–45 mm, is between 82 and 100%, so
the internal diameter of soil connector is 78 mm, nearly two times of the maximum

Fig. 7 Layouts of sampling holes in testing site (mm)
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particle size of track roadbed, and is reasonable, having considered the collector
material, particle effect and splitting effect during hammering process. The size
dimension of soil connector is shown in Fig. 9.

3 Experiment Results and Analysis

After more than a week of hard work, we had gotten six vertical and three hori-
zontal samples of track roadbed and subgrade/subsoil, as shown in Fig. 10, from
which it can be obviously observed that the water content is very high in track
roadbed layer and in the interlayer; however, the subsoil gets lower water content.

It is mentioned before that fine particles content and water or rainfall are the key
factors affecting the mud pumping phenomenon in ballastless track; therefore, our
analysis is focused on these affecting factors. As shown in Fig. 11, no matter in the

Fig. 8 View of the sampling apparatus developed and the real one (on-site)

Fig. 9 Size dimension of soil connector (mm)
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center (V-1 to V-3) or in the side (V-4 to V-6) of the railway line, the average water
content with excluded coarse particles (diameter � 7.1 mm), for those particles
cannot keep water, is very high in the surface of track roadbed layer and nearly
reaches 13%. Meanwhile, it is observed that the interlayer, interpenetration of track
roadbed and subsoil/subgrade, has an obvious water retention effect. It means that
the hydraulic conductivity of interlayer is very poor, so the water is kept in the track
roadbed layer and then can lead to track roadbed layer’s gradual saturation.

Another important affecting factor is fines content in the track roadbed layer, so
we conducted grain-size distribution tests of the vertical and horizontal track
roadbed samples. Figure 12 shows the grain-size distributions of track roadbed at
different places of horizontal and vertical track roadbed samples.

From this figure, we can know that most of the grain-size distribution curves are
close to the upper limit of track roadbed specification, and it means that this track
roadbed has a higher fine particles content. For horizontal samples, sample H-3, the
fine particles content has already surpassed the maximum content of the upper limit
of track roadbed specification. Vertical samples, V-6, followed the same change law
of horizontal samples. Therefore, the fine particles content, in generally suffering
mud pumping cross section, is much higher than the ordinary section. Meanwhile,

Fig. 10 Vertical and horizontal soil samples of track roadbed and subsoil/subgrade

Fig. 11 Average water content of track roadbed and subsoil/subgrade (excluded coarse particles)

Field Observations on Mud Pumping of Ballastless … 453



the upper limit of track roadbed specification needs a reconsideration, for this
specification just considered the well compaction of track roadbed, but not con-
sidered its affecting roles in the developing process in mud pumping distresses.

4 Conclusions

Based on the field observations and analysis, we can conclude the following results:
Water and rainfall are the direct affecting factors in the process of mud pumping in
ballastless track; water content and fine particles content play important roles in this
kind of subgrade distress; the average water content (excluded coarse particles) is
very high in the surface of track roadbed layer, nearly 13%; the interlayer has a
lower hydraulic conductivity and an obvious water retention effect; the track
roadbed layer has a higher fines content; most of the grain-size distribution curves
are close to the upper limit of track roadbed specification; and a reconsideration is
needed to be taken to the upper limit of track roadbed specification of ballastless
track.
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Analysis of Dynamic Response
of Pile-Slab Subgrade Transition
Section in High-Speed Railway Based
on In Situ Testing

Li-min Wei, Chang-hong Xu, Xiao-bin Chen, Qun He and Di Ma

Abstract During the high-speed railway construction in mountainous area, it is
likely to encounter that the distance between the bridge and the tunnel is too short to
set the routine transition subgrade with the shortest length of 20 m. Therefore, the
short subgrade with pile-slab foundation was suggested as an alternative plan to
achieve the transitional function. A remote wireless automatic test system for
dynamic response triggered by train running was established to evaluate the tran-
sitional performance of the pile-slab structure subgrade, which was constructed in
the typical bridge-tunnel transition zone of Shanghai–Kunming high-speed railway
in China. The subgrade surface dynamic response test under the train running
conditions of six types of high-speed electrical multiple units (EMU) was per-
formed. It found that under the excitation of six types of EMU, the maximum
vibration acceleration and the maximum dynamic displacement of the pile subgrade
surface are 3.767 m/s2 and 0.062 mm, respectively, which meet the corresponding
specifications. Along, the longitudinal direction of the down line, the range of
variation coefficient about the EMU types for effective value in the vibration
acceleration and dynamic displacement is 0.62–2.14 and 0.36–0.47, respectively,
indicating that the EMU types have a greater impact on the former. The dynamic
response is gradually attenuated along the lateral direction of the subgrade, the
closer to the running line, the greater attenuation of the dynamic response, for the
same measuring point, the attenuation of the vibration acceleration is less than the
dynamic displacement.

Keywords Dynamic response � Pile-slab subgrade � High-speed EMU �
High-speed railway � Transition section

L. Wei (&) � C. Xu � X. Chen (&) � Q. He � D. Ma
School of Civil Engineering, Central South University, 22 South Shaoshan Road,
Changsha, Hunan 410075, China
e-mail: lmwei99@163.com

X. Chen
e-mail: Chen_xiaobin@csu.edu.cn

© Springer Nature Singapore Pte Ltd. 2020
E. Tutumluer et al. (eds.), Advances in Environmental Vibration
and Transportation Geodynamics, Lecture Notes in Civil Engineering 66,
https://doi.org/10.1007/978-981-15-2349-6_29

457

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-15-2349-6_29&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-15-2349-6_29&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-15-2349-6_29&amp;domain=pdf
mailto:lmwei99@163.com
mailto:Chen_xiaobin@csu.edu.cn
https://doi.org/10.1007/978-981-15-2349-6_29


1 Introduction

The smoothness of railway track is a prerequisite for ensuring the high-speed train
operation safety and ride comfort. Track irregularity is more prone to grow at the
connection zone of two different engineering structures, such as bridges, tunnels,
culverts, subgrade and so on, which was derived from both settlement difference
and differential composite stiffness of the adjacent structure underlying the track. It
will aggravate the vibration of the running train and the vibration in return intensify
the impact force on the track, and then it will affect the index of running stability
and ride comfort, and even threaten train running safety [1–3]. Consequently, it is
necessary to set up a transition section between adjacent different structures to
ensure the smoothness of railway track.

Numerical analysis is the main process to study the dynamic response of tran-
sition section. Paixão et al. [4] conducted extensive experiments and numerical
studies to gain insight into the impact of under sleeper pads on the dynamic char-
acteristics of the transition section and improve the design of the railway structure.
Yang et al. [5] considered the interaction among different structural layers of the
subgrade system, established a vehicle-track-subgrade coupling system model,
analyzed the dynamic response of bridge-approach embankment section when the
speed of train was 350 km/h, and obtained the allowable track deflection angle and
the coefficient of subgrade reaction within the 0–5 m zone behind the abutment. Yao
et al. [6] established the finite element model about the track-subgrade system for
two bridge-subgrade transition sections, and comparative analysis of the stress and
calculated vertical displacement of the subgrade surface of the two transition zones,
then the recommended length of the transition section had been proposed. Lei and
Mao [7] studied the dynamic response of the coupled vehicle-track system by
changing the conditions of track settlement, train speed and abutment stiffness, it
found that the track profile suddenly. Permanent settlement is the main source of
vibration amplification, while the vertical stiffness of the track transition has little
effect on the vibration. Considering the long-term track deformation, the
non-constant stiffness of the support and the possibility of gaps under the sleepers,
and a two-dimensional numerical model for the study of the dynamic behavior of the
track on a transition zone during train passage are presented by Varandas et al. [8].
To analyze the vehicle-track interaction near the transition zone, Banimahd [9, 10]
developed a three-dimensional coupled train-track finite element model. The results
are general agreement with those of Lei and Mao [7] and Luo [11].

Due to the complexity and inhomogeneity of the subgrade composition of
high-speed railway, as well as the uncertainty of their calculating parameters, there
are still certain gaps between the numerical research results and the actual situations
[12, 13]. So in situ test is the more effective method to analysis the dynamic
response of high-speed railways by providing the reliable response property, which
can be used to verify the numerical simulation [12], and further improve its cor-
rectness [14–18]. Ribeiro et al. [19] assessed the experimental dynamic behavior of
the train-track system at a culvert transition zone, and found that after the
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application of a low-pass filter for eliminating contributions from irregularities of
the track and vehicle wheels, the change in the track dynamic stiffness of the
transition zone has little effect on the acceleration of the sleeper. Feng et al. [20]
performed dynamical in situ tests on four scenarios named as the embankment,
culvert, viaduct and transition sections, which located on the Beijing–Shanghai
high-speed railway in China, the acceleration responses of the free field in three
directions (x, y, z) were recorded with a train speed of around 250–350 km/h. Zhai
et al. [14] reported the results of ground vertical acceleration caused by a 300–
410 km/h high-speed train on non-ballasted track and analyzed the frequency
domain and time domain characteristics of ground vibration acceleration. Qu et al.
[21] tested the dynamic response of the transition section in Wuhan–Guangzhou
high-speed railway during joint debugging test and operation period, and the
influence of the comprehensive stiffness of the subgrade on the vibration charac-
teristics of the transition section has been compared and analyzed.

However, the above studies mainly aimed at the conventional transitional sec-
tion, which profile is trapezoid or inverted trapezoid with the minimum length of
20 m. When the high-speed railway is constructed in mountainous area, the dis-
tance between the bridge and the tunnel is sometimes too short to set up a con-
ventional transition section, in this case, by means of the short subgrade with
pile-slab structure to achieve transition has become an alternative plan. But how is it
transitional effect? In this paper, the dynamic response of the subgrade surface
under different electrical multiple units (EMU) types and speed conditions for the
pile-slab structure bridge-tunnel transition section in the Shanghai–Kunming
high-speed railway has been tested, and the interval estimation method in statistics
was used to analyze the vibration acceleration and dynamic displacement data, so as
to provide reference for the promotion and application of pile-slab subgrade tran-
sition section.

2 Overview of the In Situ Test

2.1 The General Situation of Work Site

The Shanghai–Kunming high-speed railway is a dedicated passenger line with a
design speed of 350 km/h; it is a double-track railway with distance between
centers of lines is 5 m, and subgrade width of 13.6 m. The typical section of design
mileage K893 + 983 * K894 + 022 that located hilly area in Jiangxi Province
was selected as in situ test section, which is 39 m long, including the transition
section and its adjacent bridge and tunnel, and the dynamic response to the train
running was tested. The engineering geology investigation exposed the strata as
follow: The surface cover is a Quaternary–Holocene residual product (Q4

el+dl) silty
clay and contains gravel with a content of about 10%, its thickness is 0–20 m;
underlying bedrock is made up of the Maokou group (P1m), limestone of lower

Analysis of Dynamic Response of Pile-Slab Subgrade … 459



Permian period with the weathering degree from fully to weakly weathered. The
test section general situation and layout are shown in Figs. 1 and 2.

The transition section is composed of two blocks of pile-slab structures; each
block is 13 m long. From the abutment to the tunnel, the pile length is decreasing
from 23.0 to 10.0 m, although these bored cast-in-place piles are located at the

Fig. 1 Test section general situation

Fig. 2 Layout of in situ test section
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same spacing of 5.0 m and with the same diameter of 1.0 m. These piles are
connected rigidly to the reinforced concrete slab with a thickness of 1.0 m. Above
the slab, lay the subgrade bed and track structure one by one as follows: The bottom
layer of subgrade bed is filled graded broken stone with 3% cement content, and
which thickness is 2.3 m; the surface layer of subgrade bed with the thickness of
0.4 m which is filled by graded broken stone with 5% cement content; the track
support layer was made of C40 reinforced concrete with the thickness of 0.3 m, and
the CRTSII ballastless track system at the top.

2.2 The Layout of Test Sections and Components

Five test sections were arranged for this test, as shown in Fig. 2. They are section
B on the abutment, section P1, P2, P3 on the pile-slab subgrade, and section T in the
tunnel, respectively. The section P1 corresponds to the mid-span of the pile-slab
structure, and the section P2 and P3 correspond to the pile top of the pile-slab
structure. The specific location of the test section is shown in Table 1.

The layouts of the dynamic response measuring points are shown in Fig. 3. The
full-section layout was adopted at the section P2, while the half-section layout was
employed at the rest of the test sections. The test lines mainly arranged on the
following position as shown in Fig. 4, namely, 1# on the shoulder of the down line,
2# and 3# at the outer side of the track slab of the down line symmetrically on the
support layer, 4# at the middle of central lines of track which on the surface layer of
subgrade bed. For the section P2, besides the above-mentioned test lines, corre-
sponding measuring points were installed also on the up line, and two additional
measuring points were laid on the subgrade slope surface too.

In most of the measuring points, three kinds of sensors were installed, such as one
vertical vibration acceleration sensor 891-II (V), one lateral vibration acceleration
sensor 891-II (H) and one vertical dynamic displacement sensor 891-II (V). There
were altogether 32 accelerometers sensors and 24 displacement sensors used in the
in situ test. The INV306 dynamic data acquisition instrument was adopted for signal
pick up which can be triggered automatically by forthcoming running train. Then a
wireless transmission test system had been established. The photos of the vibration
sensors and the acquisition instrument are shown in Figs. 5 and 6, respectively.

Table 1 Test section situation

Section Design mileage Distance from the back
of the abutment (m)

Corresponding structural position

B DK722 + 522.800 −2.800 On the railway abutment

P1 DK722 + 529.825 +4.225 The mid-span of pile-slab structure

P2 DK722 + 540.345 +14.745 Top position of pile-slab structure

P3 DK722 + 545.345 +19.745 Top position of pile-slab structure

T DK722 + 562.000 +36.400 At the tunnel entrance
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2.3 Test Data Extraction

The in situ test was performed on the platform, which consists of DASP V11
software and INV306 data acquisition instrument that is from China Orient Institute
of Noise and Vibration. The system has many functions such as multi-channel
high-capacity signal acquisition, wireless real-time signal transmission, signal
analysis and so on. By means of the DASP software, both the maximum value and
effective value of time-history curves about either the vibration acceleration or the
dynamic displacement can be obtained. Taking a time-history curve of the vibration
acceleration as an example that is shown in Fig. 7.

Maximum value:

bX ¼ max xðtÞj j

Fig. 3 Arrangement of test section and the measuring points

0.
67

2.
30

1#

Slope measuring point

Support layer

CA Mortar layer

Track slab
Central lines  of track

Bottom layer of subgrade bed

Steel Rail

Surface layer of subgrade bed

Vibration acceleration sensors

Dynamic displacement sensors

Up line Down line

2#4#

8#

9#

7#

3#5#6#

Fig. 4 Layout of test line on the section P2
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Fig. 5 Layout of the vibration sensors

Fig. 6 Acquisition instrument
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Effective value:

XRMS ¼

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

1
T

Z

T

0

x2ðtÞj jdt

v

u

u

u

t

where x (t) is the vibration acceleration value at arbitrary moment, T is represents
the vibration acceleration value acquisition period.

In order to reduce the system error and artificial error in the test, and improve the
accuracy and authenticity of the test data, the confidence interval method in
mathematical statistics was adopted. It is well known that the dynamic response of
subgrade is influenced by many factors such as train running speed, axle load,
subgrade material, track irregularity, and thickness of subgrade bed, but no one of
them is absolutely dominant factors. Therefore, according to the central limit the-
orem, the dynamic response X generally follows a normal distribution. Meaning
that the overall X obeys the normal distribution N (l, r2), X1, X2, …, Xn is a sample
from the population samples, then:

X ¼ 1
n

X

n

i¼1

Xi; S2 ¼ 1
n� 1

X

n

i¼1

Xi � X
� �2

where X is the sample mean, S2 is the sample variance.

Fig. 7 Time-history curve of the vibration acceleration
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According to the theory of sampling distribution:

T ¼ X � l
ffiffiffiffi
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n

q � t n� 1ð Þ
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n
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where the value of ta
2
n� 1ð Þ can be got by table lookup in t-distribution of the

mathematical statistics.
So, for the sample Xi, setting the confidence as 1 − a: the confidence interval

about its mathematical expectation l is

X � S
ffiffiffi

n
p ta

2
n� 1ð Þ;Xþ S

ffiffiffi

n
p ta

2
n� 1ð Þ

� 	

Using the above-mentioned methods, the confidence interval corresponding to
confidence of 95% about the maximum and effective values of vibration acceler-
ation or the dynamic displacement has been obtained. Then the upper limit value of
confidence interval is selected to take as the analysis sample of the dynamic
response in this paper.

3 Dynamic Response Characteristics of Pile-Slab
Subgrade Transition Section

The dynamic response about the subgrade of high-speed railway is influenced by a
variety of factors, such as the EMU types, the axle load, the speed of the train running,
and the smoothness of railway track. In order to investigate the dynamic response of
the pile-slab subgrade as the bridge-tunnel transition section, a series of in situ tests
were performed, which were under the excitation of six types of high-speed EMU and
the EMU types as follow: “DF11 + DF11, CRH380A-6158-6159, CRH380B,
CRH2, CRH380A-001, CRH380AM”. Then the distribution trend along the longi-
tudinal direction of the line about the maximum and effective values of vertical
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vibration acceleration and dynamic displacement had been given. Similarly, the
distribution trend about dynamic response along the lateral direction of pile-slab
subgrade had also been analyzed by taking the EMU of “DF11 + DF11” as an
example.

3.1 Longitudinal Distribution of Dynamic Response

3.1.1 Vertical Vibration Acceleration

Under the excitation of six types of EMU, the longitudinal distribution curves about
the maximum and effective values of the vertical vibration acceleration are shown
in Figs. 8 and 9, respectively, which are drawn by the data from number 3# test
line. It can be seen that the trend of the distribution about the maximum and
effective values of the vibration acceleration for different types of EMU is alike; the
range of the maximum value in vibration acceleration is 0.009–3.767 m/s2, and the
effective value is 0.003–0.867 m/s2. From section B to the section T, the trend is
increased first then decreased and increased finally, the vibration acceleration at the
section B which on the abutment is the smallest and at the section P2 and P3 has a
less difference and at the section T is the largest. However, the maximum value of
vibrational acceleration is 3.767 m/s2, which meets the requirement that it must be
less than 4.90 m/s2 in the Code for Design of High-Speed Railway (TB
10621-2014) [22].

Fig. 8 Longitudinal distribution of vertical vibration acceleration maximum value for different
EMU types
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The coefficient of variation of vibration acceleration on the section B-P3 along
the longitudinal direction about different EMU types is shown in Table 2. It can be
seen that the coefficient of variation of the maximum acceleration of vibration in
different EMUs varies in 0.61–1.02, with a range difference of 0.41, while the
coefficient of variation of the effective acceleration of vibration varies in 0.61–1.09,
with a range difference of 0.48. It has shown that the vibration acceleration is less
discrete from the section B to the section P3.

3.1.2 Vertical Dynamic Displacement

Similar to the vibration acceleration analysis described above, the longitudinal
distribution curves about the maximum value or effective value of the dynamic
displacement are shown in Figs. 10 and 11. On account of the needs of test, the
sensor BS3 on the abutment was removed temporarily, which result in loss of the
corresponding test data. We can see that from section P1 to T, the dynamic dis-
placement shows a trend of decreasing first and then increasing. The range of the
maximum value of dynamic displacement is 0.007–0.062 mm and that of effective
value is 0.002–0.034 mm. Among them, the dynamic displacement on section P3 is
the smallest and is the largest on the section T which may be caused by the complex
combined action of airflow and vibration transmission near the tunnel entrance.
Another noticeable phenomenon is the dynamic displacement has a small change
range in the pile-slab structure even in the whole transition section. It indicates that

Fig. 9 Longitudinal distribution of vertical vibration acceleration effective value for different
EMU types
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the pile-slab subgrade transition section is better in ride comfort when the train
passed.

The dynamic displacement variation coefficients of the section P1 to P3 along
longitudinal during each EMU type running are shown in Table 3. It can be found

Fig. 10 Longitudinal distribution of vertical dynamic displacement maximum value for different
EMU types

Fig. 11 Longitudinal distribution of vertical dynamic displacement effective value for different
EMU types
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that the variation coefficient of the maximum value about dynamic displacement for
different EMU types varies in the range of 0.08–0.76, and the range difference is
0.68; the coefficient of variation of the effective value of the dynamic displacement
varies within 0.06–0.60, and its difference is 0.54. It illustrates that the dynamic
displacement is less discrete from the section P1 to P3.

3.1.3 Comparative Analysis of the Influence About EMU Type
on Dynamic Response

In order to compare the influence of the EMU type on vibration acceleration with
dynamic displacement, the concept of variation coefficient (CV) in mathematical
statistics was introduced and where we defined the EMU type’s variation coefficient
f as follow:

f ¼ SD
XD

ð1Þ

where SD is the standard deviation of dynamic response is about different types of
EMU at the same measuring point and XD is the dynamic response mean value
about different types of EMU at the same measuring point.

According to Formula (1), the EMU type’s variation coefficients of dynamic
response on the pile-slab structures are shown in Tables 4 and 5.

It can be seen from Tables 4 and 5 that along the longitudinal transition section
in the down line, the EMU type’s variation coefficient of the maximum value of
vibration acceleration varies in 0.96–1.36, and the effective value of vibration
acceleration varies in 0.95–1.35, the EMU type’s variation coefficient about the
maximum value of dynamic displacement varies in 0.55–0.83 and the effective
value of dynamic displacement varies in 0.36–0.47. The comparative analysis

Table 4 Comparison of influence of EMU types on vibration acceleration

EMU types Measuring section

Maximum value (m/s2) Effective value (m/s2)

P1 P2 P3 P1 P2 P3

DF11 + DF11 0.3201 0.1869 0.2180 0.0610 0.0482 0.0525

CRH380A-6158-6159 0.1795 0.1795 0.1656 0.0439 0.0439 0.0434

CRH380B 0.3276 0.0898 0.1166 0.0805 0.0283 0.0136

CRH2 0.2298 0.1244 0.1067 0.0640 0.0409 0.0285

CRH380A-001 3.1785 0.6520 0.8289 0.7503 0.1303 0.1991

CRH380AM 0.5121 0.1440 0.1596 0.1258 0.0405 0.0504

Mean value 0.7913 0.2294 0.2659 0.1876 0.0554 0.0646

Standard deviation 1.0726 0.1918 0.2544 0.2529 0.0340 0.0617

Variation coefficient fa 1.36 0.84 0.96 1.35 0.62 0.95
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shows that the EMU type’s variation coefficient about dynamic displacement is less
than that about vibration acceleration, which proves that the different EMU types
have a greater influence on vibration acceleration.

3.2 Lateral Distribution of Dynamic Response
on the Pile-Slab Subgrade Transition

3.2.1 Vertical Vibration Acceleration

The lateral distribution curves of the maximum and effective values of vertical
vibration acceleration along the test section P2 for every running about the EMU of
“DF11 + DF11” are shown in Fig. 12 and Fig. 13, the number is denoted by “test
date.” The measuring points from the up line to down line are P2

A9, P2
A8, P2

A7, P2
A6,

P2
A5, P2

A4, P2
A3, P2

A2, and P2
A1 in turn as illustrated in Fig. 4. It can be found that when

the train running on the down line, the maximum and effective values of vibration
acceleration generally decrease from the measuring points P2

A1 to P2
A9, which may

be caused by the loss of energy and material damping [12, 23]. Among them, no
matter whether it is on the up line or down line, the dynamic response of the two
ends of the track slab has little change. However, the vibration acceleration about
the measuring points of P2

A1, P2
A7 (locate in surface on the bottom layer of subgrade

bed) had been amplified obviously, which may be the product of wave interference
between the Rayleigh wave and the reflected wave at the top of the subgrade
surface and the scattered waves propagated by the neighboring structures [20].
Many researchers also have obtained similar results in finite element simulations
[24].

Table 5 Comparison of influence of EMU types on dynamic displacement

EMU types Measuring section

Maximum value (mm) Effective value (mm)

P1 P2 P3 P1 P2 P3

DF11 + DF11 0.0294 0.0272 0.0237 0.0124 0.0114 0.0109

CRH380A-6158-6159 0.0079 0.0116 0.0116 0.0077 0.0045 0.0070

CRH380B 0.0109 0.0073 0.0048 0.0063 0.0038 0.0016

CRH2 0.0085 0.0076 0.0089 0.0048 0.0061 0.0055

CRH380A-001 0.0123 0.0064 0.0019 0.0047 0.0043 0.0044

CRH380AM 0.0111 0.0071 0.0026 0.0070 0.0041 0.0065

Mean value 0.0133 0.0112 0.0089 0.0072 0.0057 0.0060

Standard deviation 0.0073 0.0074 0.0074 0.0026 0.0027 0.0028

Variation coefficient fs 0.55 0.66 0.83 0.36 0.47 0.47
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Fig. 12 Lateral distribution about the maximum value of vertical vibration acceleration for
different train trips

Fig. 13 Lateral distribution about the effective value of vertical vibration acceleration for different
train trips
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3.2.2 Vertical Dynamic Displacement

The distribution curve of the maximum and effective values of vertical dynamic
displacement along the section P2 for different running about the EMU type
“DF11 + DF11” are shown in Figs. 14 and 15.

We can see that the maximum and effective values of the dynamic displacement
are declining from both sides of the track slab of the running line (measuring points
P2
S3, P2

S2), the attenuation of the measuring points P2
S2 to P2

S1 is greater, and from the
P2
S3 to P2

S7 is a lesser extent attenuation.

3.2.3 Lateral Attenuation Change of the Dynamic Response

In this paper, the measuring point at test line 2# on the section P2 is taken as the
reference point and the dynamic response attenuation of other measuring points
relative to this point is studied. Defining the decay rate g as follow:

g ¼ ZD � ZX
ZD

� 100% ð2Þ

where ZD is dynamic response value from the measuring point at test line 2# on
section P2 and ZX is dynamic response value for any specifies measuring point.

Under the excitation of “DF11 + DF11” EMU, the changes in the attenuation of
the dynamic response along lateral of the pile-slab subgrade can be seen in Table 6.

Fig. 14 Lateral distribution in the maximum value of vertical dynamic displacement for different
train trips
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From Table 6, it can be seen that the attenuation rate of vibration acceleration
increases from the test line 2# to 9#, and the maximum attenuation rate is 88.73%;
the attenuation from 2# to 3# has less change, while the attenuation from 2# to 4# is
large. For the dynamic displacement, the attenuation from 2# to 6# gradually
increases and the maximum attenuation rate is 75.35%, the attenuation tendency is
similar to that of vibration acceleration. In general, for the same measuring point
which on the section P2, the attenuation of the vibration acceleration is less than the
dynamic displacement.

Fig. 15 Lateral distribution in the effective value of vertical dynamic displacement for different
train trips

Table 6 Lateral attenuation change of the dynamic response on section P2

Items Measuring point

2# 3# 4# 5# 6# 8# 9#

Distance from center
line (m)

3.775 1.225 0 −1.225 −3.775 −6.005 −8.450

Acceleration (m/s2) 0.0433 0.0388 0.0256 0.0241 0.0250 0.0212 0.0049

Decay rate ηa (%) 0 10.31 40.82 44.25 42.19 50.99 88.73

Displacement (mm) 0.0109 0.0095 0.0052 0.0045 0.0027 – –

Decay rate ηs (%) 0 12.88 52.61 58.57 75.35 – –
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4 Summary and Conclusion

In this paper, multi-type of EMU testing is performed on the pile-slab subgrade
transition section of Shanghai–Kunming high-speed railway, the distribution trend
of the maximum and effective values of dynamic response along the longitudinal
and lateral of the line are analyzed. The conclusions are as follows:

(1) Under the multi-type of EMU excitation, the maximum value of vibration
acceleration on pile-slab structure subgrade surface is 3.77 m/s2 < 4.90 m/s2,
which meets the requirement of “ Code for Design of High-Speed Railway (TB
10621-2014)” (a < 0.5 g) [22], and the maximum value of dynamic displace-
ment is 0.062 mm < 0.220 mm, which satisfies the requirement of
“High-Speed Railway Subgrade Repair Code (TG/GW120-2015)” [25].

(2) Along the longitudinal direction of the down line, the variation coefficient range
about the maximum and effective values of the vibration acceleration from the
section B to P3 are 0.41 and 0.48, respectively. The variation coefficient range
about the maximum and effective values of the dynamic displacement from the
section P1 to P3 are 0.68 and 0.54, respectively. It shows that the dynamic
response of the pile-slab subgrade is less discrete, and which realizes effectively
the goal of smooth transition between the bridge and the tunnel.

(3) The range of EMU type’s variation coefficient about the effective value of
vibration acceleration along the longitudinal down line is 0.62–2.14, and that of
the dynamic displacement is 0.36–0.47, it indicating that the EMU type’s
influence on vibration acceleration is greater than that on the dynamic
displacement.

(4) The dynamic response is gradually attenuated along the lateral subgrade, and
the closer to the running line, the greater attenuation of the dynamic response;
for the same measuring point, the attenuation of vibration acceleration is less
than that of dynamic displacement.
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Lower Bound Shakedown Limit
Analysis of Slab Railway Tracks:
Numerical Approach

Pedro Alves Costa, Patrícia Lopes and António Silva Cardoso

Abstract A procedure for analyzing the shakedown limit load of non-ballasted
railway tracks is presented. The shakedown theory is formulated based on the
Melan’s shakedown lower bound theorem for frictional soils, i.e., adopting the
Mohr–Coulomb yielding criteria. The shakedown analysis is enlarged regarding
the solutions presented by other authors by incorporating the at-rest stress state in
the ground. The 3D cyclic stresses induced by the train passage are computed using
an efficient numerical model based on the 2.5D approach. The designed model is
then used to perform a numerical study where it is concluded that the increase in the
train speed up to the critical speed of the track-ground system is responsible for a
significant decrease in the shakedown limit load. Moreover, it is shown that
neglecting the at-rest stress state in the ground gives rise to a strong underestimation
of the shakedown limit load and that train geometry plays a relevant role in the
estimation of the shakedown limit load.

Keywords Permanent railway track deformation � Shakedown limit load � Critical
speed

1 Introduction

Recent advances in railway engineering look forward for reliable, efficient and
low-maintenance railway infrastructures. Slab track solutions are being nowadays
considered the most promising engineering solutions to achieve those goals.

Permanent deformation of slab track solutions is usually lower than on ballasted
track due to the absence of ballast. Nevertheless, it is required to guarantee that
accumulation of permanent deformations on the foundation due to cyclic loading
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does not occur or, at least, that remains in an admissible range. If plastic defor-
mation is accumulated at track foundation level, it gives rise to misalignment of the
rail and consequent need of geometry correction or, in limit, to the development of
pathologies in the concrete elements. The guarantee that this will not happen is the
key of the design success, since the main drawback of slab track solutions when
compared with ballasted tracks is exactly the difficulty of proceeding to geometry
corrections.

Permanent deformation of soils due to cyclic loading is a complex topic.
Nevertheless, a significant progress was achieved during last decades, allowing the
definition of the main behavior trends as functions of the loading level. Actually,
the experimental evidence shows three major categories of behavior [1–4]:

• If the loading level is low and the yielding limit is not achieved, soil shows
elastic behavior, i.e., there is not any remaining strain after the load cycling
since no plastic deformation originates;

• Increasing load level, an interesting behavior is found; after a finite number of
cycles, where permanent deformations are induced, the system starts to show
elastic behavior, i.e., the structure is said to have shaken down to a steady per-
manent strain state and corresponding residual stress. The response to any further
cycling is purely elastic, provided that the loads still remainwithin the given range.

• Contrary to the previous scenario, if non-stabilized plastic deformation devel-
ops, some form of progressive failure will occur with the increase in the cycle
number. There are basically two types of failures: (a) alternating plasticity,
caused by the repeated development of plastic strains for which, the stress–strain
curve is hence, ultimately a hysteric loop and the eventual failure is due to low
cycle fatigue; (b) incremental collapse, caused by the continued accumulation of
plastic strains in the each cycle, leading to progressive increase in permanent
displacements and failure of the structure.

In order to prevent excessive permanent deformation in slab track systems (or
even its progressive failure), it is important to guarantee that loading is below the
elastic shakedown limit. The assessment of this load limit is not trivial, demanding
for extensive computational resources, mainly when 3D configurations are engaged,
since the whole loading time-history needs to be taken into account. However,
alternatively to the use of time-marching approaches, where the plastic deformation
induced by each single cycle is taken into account, the so-called direct methods
constitute an elegant engineering approach, although usually exact solution cannot
be achieved since they correspond to limit analysis approaches [5], based on lower
bound [6] or upper bound [7] theorems.

Shakedown theory achieved one of its major applications in pavement engi-
neering, where relevant progresses had been reported over latter years [1–4, 8–11].
Nevertheless, the application of shakedown analysis in the context of railway
engineering is quite limited, deserving mention the recent studies presented by
Zhuang and Wang [12] and Wang et al. [13]. The present study uses the lower
bound shakedown solution for cohesive frictional half spaces under moving loads
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presented by Yu and Wang [9]. However, a generalization of the shakedown
analysis is made in order to take into account the at-rest stress state.

2 Shakedown Concept

When an elasto-plastic body is subjected to a cyclic loadwith an amplitude larger than
the elastic load limit, it starts to show yielding, i.e., plastic deformations remain after
the load application. However, it is seen that for certain load amplitude, this plastic
deformation accumulation does not happen infinitely. Actually, when the body is
subjected to a load that is lower than that limit, but larger than the elastic limit, after the
accumulation of permanent deformation during a finite number of cycles, the body
starts to show elastic response again, i.e., there is no accumulation of permanent
deformation anymore. This means that an adaptation of the mass behavior occurs, or,
by other words, the mass shakedown to the load level. This behavior is justified by the
fact that not only plastic strains remain after one load cycle, but also residual stresses.
The key point is the assessment of the load that is compatible with shakedown state,
since if the load exceeds that limit, the shakedown does not occur, and either the
permanent strains settle into a closed cycle—a situation known as “cyclic” or “al-
ternating plasticity”—or they go on increasing indefinitely—known as “ratchetting.”
If either of these latter situations occurs, the structure will “fail” [1].

The lower bound theorem or Melan’s static shakedown theorem prescribes that
an elastic perfectly plastic (with associated flow rule) body will shakedown if it is
possible to find a self-equilibrated, time-independent, residual stress field that
combined with the cyclic elastic stresses and possible static elastic stresses (at-rest
stresses) gives rise to a stress field that nowhere and no-time violates the yielding
criteria. By other words, shakedown will occur if the following condition is
respected for any time and at any location of the body under analysis:

f kreij þ r0ij þ rrij

� �
� 0 ð1Þ

where f(.) represents the yielding criteria; the static stresses, as for instance the
at-rest stress state, is represented by rij

0, the elastic stresses induced by a cyclic loads
are given by krij

e , where k is a load factor of the stress field generated by a
fundamental loading scenario, and the residual stress field is given by rij

r .
Since the yielding condition must be time-independently respected, it means that

the sum of residual and static stresses must give rise to a stress state compatible
with the yielding criteria. Therefore, the maximum value k that respects Eq. (1)
corresponds to the lower value of the shakedown multiplier.

The application of lower bound shakedown theorem demands the assessment of
realistic elastic stresses in the body under analysis. The following section briefly
presents an accurate and efficient numerical approach for the assessment of elastic
stress fields due to railway traffic.
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3 A Numerical Approach for the Assessment of Ground
Elastic Stresses Induced by Railway Traffic

Assuming the track-ground system as an invariant and infinitive domain along the
longitudinal direction, the 3D elastic dynamic response induced by the traffic can be
achieved assuming a 2.5D approach. Taking into account the mentioned restric-
tions, it is possible to apply a spatial Fourier transformation along that direction and
to determine the 3D displacement field as a continuous integral of simpler
bi-dimensional solutions, as

u3D ¼ 1
2p

Zþ1

�1
u2:5D k1ð Þe�ik1 x�x0ð Þdk1 ð2Þ

where k1 is the longitudinal wave number.
Therefore, the 3D problem solution is obtained by the combination of the 2.5D

solutions for distinct wave numbers. Due to the complexity of the cross section
geometry, the 2.5D solution requires the use of a numerical technique. In the
present study, the 2.5D FEM is the elected technique, being only necessary the
cross section domain discretization since the longitudinal direction (x—direction) is
transformed to the wave number domain. So, the 2.5D equilibrium equations can be
written in FEM sense as follows:

Z

z

Z

y

BT �k1ð ÞDB k1ð Þdy dz� x2
Z

z

Z

y

NTqN dydz

0
B@

1
CA un k1;xð Þ

¼ pn k1;xð Þ

ð3Þ

Adopting the classic finite elements notation leads to,

K k1ð Þ½ � ¼
Z

z

Z

y

NTLT �k1ð ÞDL k1ð ÞN dy dz ð4Þ

and

M½ � ¼
Z

z

Z

y

NTqN dy dz ð5Þ

where [K] and [M] are the stiffness and mass matrices, respectively.
Since the finite element approach demands the complete definition of a boundary

for the interesting domain, special treatments must be adopted along artificial
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boundaries to fulfill the Sommersfeld’s condition. In the present approach, 2.5D
PML (perfectly matched layers) is adopted [14]. The PML elements are formulated
in a FEM basis taking into account the stretching of coordinates inside of the PML
layer to the complex domain. The following relationships between natural and
complex coordinates are adopted:

~y ¼
Zy

0

ky yð Þdy ð6Þ

~z ¼
Zz

0

kz zð Þdz ð7Þ

where kx and ky are the stretching functions in y and z directions, respectively.
Concerning the derivatives, it is also possible to find the following relationships:

@

@~y
¼ 1

ky yð Þ
@

@y
ð8Þ

@

@~z
¼ 1

kz zð Þ
@

@z
ð9Þ

A detailed description of the stretching functions used can be found in Lopes
et al. [14].

Taking into account the stretching functions expressed above, the PML elements
matrices can be derived using the same basic principles of FEM.

In a 2.5D approach, the moving character of the loading is attended by an
elegant way without the need of any special numerical scheme. Actually, taking
into account the shift property of Fourier transform, the effect of a moving harmonic
load (moving along the longitudinal direction) is obtained considering the following
relationship between frequency and wave number [15, 16]:

x ¼ X� k1c ð10Þ

where X and c are the driven frequency and speed, respectively.
If only the quasi-static excitation mechanism is considered, the load magnitude

is constant over time, so X = 0. Moreover, in that case, the time and loading
position are also related and the dynamic response can be expressed in the moving
reference frame:

s ¼ x� ct ð11Þ
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4 Assessment of the Shakedown Limit Trough the Lower
Bound Theorem

Equation (1) can be rewritten taking into account the moving reference frame
defined in the last section:

f kreij sð Þþ r0ij þ rrij

� �
� 0 ð12Þ

where rij
e is the cyclic elastic field induced by loading P, rij

0 is the at-rest stress field,
rij
r is the residual stress field, s is given by Eq. (11) and f(.) = 0 is the yield

condition of the soil. Obviously, the residual stress field must be statically equili-
brated and time independent [or s independent according to Eq. (11)] [4, 9].

The largest value of k obtained by searching all possible self-equilibrated
residual stress fields will give the actual shakedown limit Psd = ksdP [4]. Therefore,
the key aspect is to conceive a residual stress state that is compatible with the
restrictions expressed above: It needs to be self-equilibrated, time independent and
its conjunction with the at-rest stress state must give rise to a total stress state that
does not violate the yielding criteria. Several residual stress fields can fulfill those
assumptions, but it should be physically reasonable in order to find a lower bound
solution closest as possible to the true one [4, 8, 9, 11].

As already mentioned, if the soil is homogeneous and isotropic and if the
dynamic excitation mechanics induced by the train passage is neglected, the
dynamic response can be expressed at a moving reference frame instead of the time
and longitudinal coordinate. Therefore, in order to obtain a time-independent
residual stress field, it will be mandatory independent of the longitudinal direction.
Yu [4] and more recently Yu and Wang [9] shown that for moving three-
dimensional Hertz pressure distribution, the critical plane should be defined by
y = constant (y—direction is the horizontal direction normal to the direction of the
movement), demonstrating that the plane y = 0 is the most critical one. A detailed
description of the procedure to achieve that conclusion can be found in Yu [4], and
the same assumptions will be here followed.

Since the plane defined by y = 0 is a plane of symmetry of the track-ground
system, the cyclic elastic shear stresses syz

e and syx
e are null and time-independent.

Therefore, assuming that rxx
0 , rzz

0 and ryy
0 are principal stresses of the at-rest stress

field, the residual shear stresses syz
r and syx

r need to be obligatory also null.
Moreover, since the sxz

e path is antisymmetric regarding time, it is not possible to
find a time-independent residual stress value for this stress component [4].
Regarding the normal components of the residual stress state, equilibrium condition
demands that component rzz

r must be null. Therefore, the only non-null residual
stress components are rxx

r and ryy
r , so, the total stress in the symmetry plane of the

track-ground system can be defined by:
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rzz sð Þ ¼ krezz sð Þþ r0zz ð13Þ

rxx sð Þ ¼ krexx sð Þþ r0xx þ rrxx ð14Þ

ryy sð Þ ¼ kreyy sð Þþ r0yy þ rryy ð15Þ

sxz sð Þ ¼ ksexz sð Þ ð16Þ

Since ryy
r is defined as an arbitrary function of depth and rxx

0 = ryy
0 , it is possible

to guarantee that ryy is the intermediate principal stress for any location in the plane
defined by y = 0.

The total stress field defined by expressions (13)–(16) must respect the yielding
condition expressed by Eq. (12). Therefore, adopting the Mohr–Coulomb criterion,
defined by the cohesion c and friction angle /, the following inequality must be
met:

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
krexx sð Þþ r0xx þ rrxx � krezz sð Þ � r0zz
� �2 þ 4 ksexz

� �2q

þ krexx sð Þþ r0xx þ rrxx þ krezz sð Þþ r0zz
� �

sin uð Þ� 2c cos uð Þ 8s
ð17Þ

As shown by Yu and Wang [9], the above inequality, now extended to include
the at-rest stress field, can be written as:

f ¼ rrxx þM sð Þ� �2 þN sð Þ� 0 ð18Þ

where:

M sð Þ ¼ k rexx sð Þ � rezz sð Þ� �þ r0xx � r0zz
� �þ

þ 2 tan uð Þ c� krezz sð Þþ r0zz
� �

tan uð Þ� � ð19Þ

N sð Þ ¼ 4 1þ tan2 uð Þ� �
ksexz sð Þ� �2� c� krezz sð Þþ r0zz

� �
tan uð Þ� �2h i

ð20Þ

In order to respect inequality (18), N must be negative, which means that:

k� c� r0zz tan uð Þ
sexz
�� ��þ rezz sð Þ tan uð Þ ð21Þ

Please note that negative stresses mean compression.
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The lower and upper values of possible residual stresses that permit respect
Eq. (21) can also be obtained:

max �M sð Þ �
ffiffiffiffiffiffiffiffiffiffiffiffiffi
�N sð Þ

p� �
� rrxx �min �M sð Þþ

ffiffiffiffiffiffiffiffiffiffiffiffiffi
�N sð Þ

p� �
ð22Þ

Since the residual stresses are function of depth, the above-mentioned condition
needs to be checked for different depth locations.

Moreover, the residual stress field combined with the at-rest stress field (static)
must satisfy the yield condition (the yielding condition must be respected after the
passage of the load), therefore:

2c cos uð Þ
sin uð Þ � 1

þ r0zz
1þ sin uð Þ
1� sin uð Þ � r0xx � rrxx �

2c cos uð Þ
1þ sin uð Þ

þ r0zz
1� sin uð Þ
sin uð Þþ 1

� r0xx

ð23Þ

Taking into account the restriction expressed in (22) and (23), the shakedown
limit load is assessed by an optimization procedure in order to find the maximum
valor of k that gives rise to a self-equilibrated, time-independent, and statically
admissible residual stress field for whole domain. Since both elastic cyclic and
at-rest stress fields are depth dependent, a first search should be done for each depth
in order to find the maximum value of k, kzi, that allows the restrictions fulfillment.
The shakedown limit load is given by the minimum value of kzi multiplied by the
reference loading P.

5 Numerical Application

5.1 General Description of the Model

For the present study, the track-ground system depicted in Fig. 1a is selected. It
refers to a continuous slab track founded in a homogeneous half-space. Mechanical
and geometrical characteristics of the system are also depicted in the same figure.
Figure 1b shows the cross section of the 2.5D FEM-PML model adopted.

Following the simplified approach proposed by Alves Costa et al. [17], the
critical speed of the system, i.e., the speed of a unitary load that gives rise to the
largest amplification of the track displacements, is around of 114 m/s.

In following sections, a discussion about the influence of several parameters on
shakedown limit load is presented.
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5.2 Influence of the Train Speed and Soil Properties

The influence of the train speed in the dynamic response of the railway track has
been the goal of investigation of several studies [17–20]. However, almost those
studies have been focused on the analysis of critical velocity of the system and on
the assessment of the dynamic amplification of the track movements due to the
increase in the train speed. Nevertheless, as shown by Alves Costa et al. [19], the
increase of the train speed is not only reflected by the amplification of the track
movements, since this effect is accompanied by a worsening of the strains and
stresses in the ground. Consequently, it is expected that the dynamic effects gen-
erated by the train speed increase should play a relevant role on the elastic
shakedown limit. This effect is highlighted in Fig. 2a where the evolution of the
shakedown limit with a single load (P = 1 kN) speed is represented for different
values of the soil cohesion. In Fig. 2b, the shakedown ratio, i.e., the shakedown
limit divided by the shakedown limit for static conditions is also represented.

0.25

0.30

Slab: E= 30 GPa
ρ=2500 kg/m
ν=0.2; ξ=0.001

3

PCL: E= 5 GPa
ρ=2500 kg/m
ν=0.2; ξ=0.001

3

Rail: UIC60

Railpad: k=40 kN/mm
              c=8 kN.s/m

Ground: Cs=120 m/s
ρ=1900 kg/m
ν=0.3; ξ=0.03

              K =0.5

3

0

2.60

2.5 D FEM

2.5 D PML

(a) (b)
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From Fig. 2, it is clear that the shakedown factor is clearly affected by the load
speed. The increase of the load speed gives rise to amplification of the cyclic
dynamic stresses in the ground implying a decrease in the shakedown factor, which
achieves a minimum around the critical velocity of the system. Since shakedown
limit is dependent on the soil strength properties, higher values are achieved for
larger cohesion, as highlighted in Fig. 2a. Nevertheless, the results depicted in
Fig. 2b show that the trend for the reduction of the shakedown limit factor with the
increase of the train speed is independent of the cohesion of the soil.

To better understand the effect of the residual stresses on preventing the violation
of the yielding criteria, Fig. 3 shows the stress path of the point of the soil located at
0.2 m depth for the situations: scenario B, where the residual stresses are taken into
account; scenario A, where the residual stresses are neglected. The stress paths now
illustrated refer to the passage of a load of 1000 kN at a speed of 60 m/s.

If the residual stresses are neglected, the stress path achieves states that are
statically non-admissible, i.e., the yielding criteria is violated which means that the
stress field is not possible, having place to stress redistribution and accumulation of
plastic strains. Meanwhile, it is clear that the consideration of the residual stresses
allows achieving a statically admissible stress path, justifying the elastic response of
the system after a finite number of cycles (the number of cycles needed to install the
residual stresses). In the same figure, it is also represented the stress path induced by
a load correspondent to the shakedown limit state (P = 2218 kN).

An innovative aspect of the present work when compared with the studies
performed by Yu et al. [9], and more recently by Wang et al. [13], is the inclusion
of the at-rest stress state in the shakedown limit computation. Since Mohr–Coulomb
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Fig. 3 Stress paths due to the passage of a load of 1000 kN (/ = 30°; c′ = 5 kPa)
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yielding criteria is adopted, the initial stresses play a relevant influence due to the
fact that for non-null shear resistance angles the soil strength is dependent on the
mean effective stress. Figure 4 shows the evolution of the shakedown factor with
the train speed for the scenarios considering or neglecting the at-rest stress state.
Taking into account Eq. (21), it is easy to justify the differences shown in Fig. 4.
The influence of the at-rest stress state in the shakedown limit will be more pro-
nounced with the increase in the shear friction angle and with the decrease in the
soil cohesion.

5.3 Influence of Train Geometry

The results showed above refer to the passage of a single load. However, due to the
proximity between the different wheelsets of the train, there is an “adding” effect on
the dynamic cyclic stresses induced by the different wheelsets. Figure 5 shows the
stress rzz (divided by P) along the alignment located at a depth of 0.2 m (measured
from the natural ground reference) for 3 distinct load schemes: (i) a single load;
(ii) a loading scenario compatible with the geometry of one vehicle (all loads are
equal); (iii) a loading scenario compatible with two vehicles (all loads are equal).

Due to the proximity between the loads, in correspondence to the wheelsets
sharing the same bogie, and due to the high bending stiffness of the slab, there is a
notorious “adding” effect on the cyclic dynamic stresses induced by the close
wheelsets. Therefore, since the shakedown limit is dependent on the dynamic cyclic
stresses, the geometry of the train plays a relevant role. Figure 6 shows the evo-
lution of the shakedown limit with the train speed for different geometric config-
urations: (i) a single wheelset; (ii) a typical geometrical configuration of a passenger
train (geometry of Portuguese Alfa Pendular train).
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The analysis of Fig. 6 permits to conclude that shakedown limit is dependent on
the train geometry. This effect is quite obvious for static conditions, since for almost
null train speed the shakedown limit is strongly affected by the interaction effect
induced by the different wheelsets. More interesting than that is the fact that the
geometry of the train affects not only the shakedown limit for static conditions, but
also the trend of the evolution of the shakedown limit with the train speed.
Therefore, for engineering practice it is relevant to take into account the train
geometry when dealing with the definition of shakedown limits.
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6 Conclusions

A procedure for the assessment of the shakedown limit load of slab railway tracks is
proposed. Comparing with previous studies, the solution is improved to take into
account the at-rest stress state installed in the ground and the dynamic amplification
effects induced by the train speed. Since Melan’s theorem was adopted in the
investigation of the limit shakedown load, a reliable estimation of the cyclic elastic
stresses induced by the train passage in needed. This step is fulfilled adopting a
2.5D FEM-PML efficient numerical model that was previously developed by
authors.

From the developed numerical parametric study, it is shown that the shakedown
limit load is strongly affected by the train speed, achieving a minimum value when
the train speed reaches the critical speed of the system, independently of the
cohesion or friction angle of the soil. Moreover, it was shown that the train
geometry affects the shakedown limit load.

The approach depicted along this paper can be followed for a more rational
design, adopting optimized and robust engineering solutions.
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Influence of Subgrade Settlement
on Dynamic Characteristics
of CRTS II Slab Orbit

Qing-song Feng and Bo Peng

Abstract In this paper, considering the structure and technical characteristics of
CRTS-II-type slab track, we simplified the vehicle system and the track system
accordingly, and by the method of coupling dynamics of wheel and rail system and
finite element, as well as the help of ABAQUS finite element software, a vertical
dynamic analysis model of vehicle-track-subgrade coupling is established. And the
geometric irregularity of orbit is used as the source of system excitation, To study
the influence of dynamic characteristics of vehicle–track system and system
considering the long-wave irregularity and short-wave irregularities, uneven
settlement, subgrade under different speed, on the basis of this study, some rea-
sonable suggestions are put forward for the design of the future track structure.

Keywords CRTS II slab track � Track irregularity � Subgrade uneven settlement �
Dynamic characteristics

1 Introduction

CRTS II slab track is widely used on high-speed railway in China for its high
stability, high smoothness, slow track deformation, low maintenance, and low
maintenance cost [1]. However, when laying ballastless tracks on roadbeds, due to
the relatively low bearing capacity of roadbeds, they are sensitive to dynamic loads
and water erosion. Under the combined effects of complex loads such as trains and
the environment, uneven settlement will inevitably occur. At the same time, the
high-speed railway has extremely stringent requirements for the smoothness of the
line. When the subgrade is unevenly settled, the upper track structure will be
seriously affected by the uneven settlement, and the track surface will be less
smooth. In severe cases, there will also be empty cranes directly affecting the train.
The safety and comfort of the train operation and the additional stress of the
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ballastless track structure would be significantly increased under the condition of
high-speed operation and thus affect its service performance. Continued service in
the event of such a disease may affect passenger comfort and train safety.

In recent years, many scholars at home and abroad have paid great attention to
such issues and have obtained a lot of research results. For example, Lombaert [2]
established a three-dimensional model of vehicle–orbit coupling dynamics to study
the effects of stiffness changes in rail structures and wheel–rail irregularities on the
vibration response of rail systems. Zhu [3] established a finite element analysis
model for CRTS II slab-type ballastless track embankment, studied deformation
and stress of CRTS II slabless ballast slab under temperature loading as well as
deformation of rails caused by deformation of orbital plates, and established the
selection basis and method of element structure type, subgrade model and material
parameters, and analysis of the influence of rail deformation on vehicle operation
safety; Song and Bian [4] took the role of the CA mortar layer and the concrete
cushion into account seriously based on the existing vehicle–orbit vertical coupling
dynamic model and analyzed the correlation between the settlement of the roadbed
and the running speed of the train; Li and Zhou [5] established the CRTS I
plate-type ballastless track-subgrade system model to analyze the influence of
uneven subgrade settlement on the dynamic characteristics of the coupled system;
Zhai [6] studied the geometrical shape of the railway line in the actual application
process and found that it often shows obvious randomness when affected by many
factors; Zakeri [7] established a partially unsupported coupled analysis model of
vehicle and track dynamics for the case of sleeper overhangs and simplified the
wheel–rail contact as a nonlinear spring to study the dynamic response of the track
structure. It can be seen that the current research at home and abroad mainly focuses
on the mechanical properties of CRTS II slab orbits under the effects of track
deformation, irregularity, and uneven settlement, while the influence of uneven
settlement on the dynamic response of vehicle-track-subgrade system under uneven
conditions is seldom studied.

2 Model Establishment

Based on the dynamics of the wheel–rail coupled system and the finite element
method [8], this paper uses ABAQUS to establish the vertical vibration calculation
model of the vehicle-track-subgrade coupling system. The entire system is divided
into two subsystems: the upper vehicle model and the lower rail model system. The
upper vehicle consists of the body, bogies, wheelsets, and first and second spring-
damper systems. The lower track is composed of rail, fastener system, track plate,
CA mortar, base plate, and subgrade. Considering the coupling between the two
subsystems, and through the establishment of the corresponding geometric com-
patibility and force balance conditions at the wheel–rail contact surface, we
obtained the dynamic response of the coupled system by using the iterative method
to cross-solve the two subsystems. The model is shown in Fig. 1.
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3 Effect of Track Irregularity on Rail Vibration

Under normal conditions, the geometrically uneven composition of ballastless
tracks is very complex. Fundamentally speaking, the geometric irregularity of the
track is a random process, and it is also a random function of the railway line
coordinates. The track irregularity of any line segment can be seen as a function of a
specific random process. In order to simplify the track irregularity, it can be treated
as a stationary random process. The statistical characteristics and regularity of the
track irregularity can be represented by the amplitude and wavelength of the
irregularity, that is, the irregularity of the power spectrum introduced into the track.
At present, many countries in the world have conducted different degrees of
research on track irregularity. For example, China, Germany, and the USA have
studied and measured the power spectrum of track irregularity for many years and
established corresponding density functions and evaluation criteria of power
spectrum for track irregularity. To comprehensively compare the orbit spectrums of
various countries, it is believed that the orbit spectrum of Germany has been rel-
atively mature after many years of theoretical and experimental research. Moreover,
China’s high-speed railways have been developed on the basis of the German high-
speed railway to some extent. Therefore, the rail spectrum of China’s high-speed
railway is similar to that of Germany’s high-speed railway to some extent.
Therefore, in this section, the low-interference spectrum of the German track
irregularity is used when calculating the orbit spectrum. However, the low-
interference spectral density of track irregularity in Germany is mainly medium and
long wave, which cannot fully reflect the influence of short-wave random irregu-
larity on the dynamic characteristics of the wheel–rail system.

After the introduction of irregularity, calculate the system vibration response
results obtained from the dynamic characteristics of the wheel–rail system at a
vehicle speed of 300 km/h; see Figs. 2, 3, 4, 5, and 6.

Fig. 1 Vertical vibration model of vehicle-track-subgrade coupling system established in
ABAQUS
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Fig. 2 Time history of
vehicle body vertical
acceleration

Fig. 3 Time history curve of
rail vertical acceleration

Fig. 4 Rail vertical
displacement
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4 Effects of Different Settling Wavelengths on Rail
Vibration

At present, for non-uniform settlement curves of ballastless road base sections, we
recommend using a (positive) cosine-based deformation-influencing curve with a
wavelength of 20 m. The cosine-type uneven settlement curve to be used in this
section is shown in Fig. 7. Assume that the deformation of the concrete base plate
caused by the uneven subsidence of the subgrade is a full-wavelength cosine-type
settlement. The expression is:

y xð Þ ¼
0 x\x0; x[ x0 þ Ls

Hs
2 1� cos 2p x�x0ð Þ

Ls

� �h i
x0\x\x0 þ Ls

(
ð4:1Þ

Fig. 5 Slab vertical
acceleration

Fig. 6 Slab vertical
displacement
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In order to study the influence of uneven cosine-type subsidence on the dynamic
characteristics of vehicles and ballastless tracks select the settlement conditions as
15 mm/20 m and the vehicle speed as 300 km/h for dynamic calculation. The
dynamic response of the vehicle and track is shown in Figs. 8, 9, 10, and 11.

Fig. 7 Vehicle-track-road coupling vibration model for subgrade settlement

Fig. 8 Time history graph of
rail vertical acceleration

Fig. 9 Time history graph of
rail vertical displacement
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In order to study the cohesion-type differential settlement of the subgrade, the
influence of different sedimentation wavelengths on the dynamic characteristics of
vehicles and ballastless tracks was investigated. Different sedimentation wave-
lengths were selected, and the vehicle speed was 300 km/h for kinetic calculations.
Settlement wavelength conditions are: 15 mm/10 m, 15 mm/20 m, 15 mm/30 m,
and 15 mm/40 m. The changes in the dynamic response of vehicle systems and
track systems at different sedimentation wavelengths are shown in Figs. 12 and 13.

Fig. 10 Time history graph
of track plate vertical
acceleration

Fig. 11 Time history graph
of track plate vertical
displacement
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5 Effect of Train Speed on Rail Vibration

In order to study the occurrence of cosine-type differential settlement in the sub-
grade, the influence of different train speeds on the dynamic characteristics of the
vehicle system and the ballastless track system is affected. The settlement condi-
tions are selected as 15 mm/20 m, and the dynamics are calculated at different
vehicle speeds. The speed conditions are: 200, 250, 300, 350, and 400 km/h.
Changes in the dynamic response of vehicle systems and track systems at different
vehicle speeds are shown in Figs. 14, 15, 16, and 17.

Fig. 12 Vertical acceleration
of each section of track

Fig. 13 Vertical
displacement of each section
of track
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Fig. 14 Car body vertical
acceleration

Fig. 15 Wheel–rail vertical
force

Fig. 16 Vertical acceleration
of each section of track
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6 Conclusion

Based on the coupled dynamics model of vehicle-ballastless track-subgrade system
established by ABAQUS software, this paper studies the dynamic characteristics of
vehicle and ballastless track under ground subsidence with different ground
subsidence wavelengths. Through the calculated vehicle acceleration, the vertical
acceleration and displacement of the track structure, etc., the impact of land sub-
sidence on the vehicle-ballastless track system is evaluated. The main conclusions
are as follows:

(1) Track irregularity is the main factor that causes the vibration of a ballastless
track of a vehicle. Therefore, high-speed railways should strictly control track
irregularities and limit them to a certain extent.

(2) The greater the surface cosine-type sedimentation wavelength, the smaller the
dynamic response values of vehicles and ballastless track. As the sedimentation
wavelength increases from 10 m to 40 m, the dynamic response of vehicle and
ballastless track gradually decreases. The vertical acceleration of the vehicle
body has decreased by 41.5%; the vertical force of the wheel and rail has been
reduced by 15.7%; the vertical acceleration and vertical displacement of the rail
have been reduced by 6.8% and 19.1%, respectively; the vertical acceleration
and vertical displacement of the track plate have been reduced by 2.2% and
19.9%, respectively; the base plate vertical acceleration and vertical displace-
ment were reduced by 2.1% and 24.9%, respectively.

(3) When the vehicle speed increases from 200, 250, 300, 350, and 400 km/h while
passing through the land subsidence area at different speeds, the dynamic
response of the vehicle body and the ballastless track correspondingly increa-
ses. The vertical acceleration of the car body, the vertical acceleration and
vertical displacement of the rail, the vertical acceleration and vertical
displacement of the track plate, and the vertical acceleration of the base plate
and the vertical displacement of the rail are all increased.

Fig. 17 Vertical
displacement of section
of track
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Dynamic Simulation and Analysis
of a High-Speed Maglev Train/
Guideway Interaction System

JingYu Huang and Long Zhang

Abstract Reliable and effective simulation methods are very important for the
design of and research on maglev train/guideway systems. This paper proposes
three numerical models for predicting and investigating the dynamic response of a
maglev system. With field-measured data as a reference, a comparative analysis of
these numerical models was conducted. The effects of the train speed and the
suspension system on the response were investigated. The numerical results indi-
cate that appropriate dynamic amplification guidelines for the guideway response
can be extracted based on an analysis of the resonance and cancellation conditions
and that the stiffness and damping of the suspension system should be carefully
considered to ensure satisfactory ride quality.

Keywords Maglev vehicle/guideway system � Numerical models � Response
analysis � Suspension system

1 Introduction

A maglev train is a highly modern vehicle that uses non-contact magnetic forces for
vehicle levitation, guidance, and propulsion. Compared to traditional modes of
railway transportation, maglev transport has the merits of a higher running speed,
lower energy consumption, lower noise emission, and less required maintenance.
Because of these benefits, maglev transport systems have been developed in many
countries [1].
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As a maglev train moves along a guideway, complicated maglev train/guideway
interactions occur. To achieve satisfactory ride quality and levitation safety, it is
extremely important to investigate the interactions in such a maglev train/guideway
system.

Over the past two decades, many maglev models have been developed for
simulating maglev systems and predicting the dynamic responses of the maglev
train and guideway. In the initial stage of research, the moving load method, in
which the maglev train is simplified as a series of uniformly spaced, concentrated
loads, was initially applied to predict the dynamic response of the guideway. Wang
et al. [2] modelled a maglev train as a series of evenly distributed moving loads to
conduct an analytical study on the dynamic response of the guideway. The moving
load method is simple and convenient, but it neglects the characteristics of the
maglev vehicle and cannot model the interactions between the train and the
guideway. To consider the maglev vehicle subsystem, maglev train/guideway
interaction models were subsequently proposed in which the maglev vehicle is
simulated as a system of multiple rigid bodies, thus ignoring the elastic vehicle
deformation, and the guideway is simulated as a Bernoulli–Euler beam. In typical
simplified maglev system models, the magnetic interaction force between the
vehicle and the guideway is represented by a combination of a spring and a damper.
Many scholars have used such simplified models to conduct various investigations
of maglev vehicles. Cai et al. [3, 4] simplified a maglev train as a car body with
multiple magnets to study the effect of distributed loads and a multicar vehicle. Ren
et al. [5] and Talukdar et al. [6] used a simplified vehicle model with 6 degrees of
freedom (DOFs) and the block diagram approach (in MATLAB SIMULINK) to
examine the influences of the vehicle speed and guideway irregularity on the
response. Zhai et al. [7] simulated a maglev vehicle using a 10-DOF vehicle model
with one car body supported by four levitation bogies to study the random response
and ride quality of the vehicle. Many significant research results have been achieved
using such simplified maglev system models. However, for cases in which the
responses of the magnetic interaction forces and levitation control are of interest,
the simulation techniques for maglev systems require further improvement. For this
purpose, an electromagnetic force model with a feedback controller has been
introduced into the maglev train/guideway system to enable more realistic simu-
lations [8–14].

As described above, in the previous studies, three types of numerical models,
namely moving load models, simplified maglev system models, and maglev models
with feedback controllers, have been developed for studying the interactions in a
maglev system. However, the differences between these three types of numerical
models in terms of response prediction, calculation accuracy, and computational
efficiency have not been investigated in detail. The previous studies have investi-
gated the dynamic response of a maglev system subjected to various external
excitations, such as irregularity, aerodynamic forces, and foundation settlement, and
have discussed the effects of various parameters, such as the train speed, on the
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response. However, there has been little research investigating the effect of the
maglev train’s suspension system on the response, and there has also been little
research focused on summarizing related findings to provide a corresponding
design guide for maglev systems.

This paper proposes various numerical models for simulating a maglev train/
guideway interaction system and compares their performance in terms of calcula-
tion accuracy and efficiency. With field-measured data as a reference, a comparative
analysis of the dynamic responses obtained with these models is presented. To
provide general design guidelines for maglev systems, this paper also studies the
effects of the suspension system and train speed on the dynamic response.

2 Numerical Models

Figure 1 presents the structure of the Transrapid 08 (TR08) high-speed maglev
train, which is a train that runs daily on the Shanghai maglev train line, a com-
mercial high-speed line. To simulate the maglev train/guideway system and predict
its dynamic response, this paper considers three numerical models, as shown in
Fig. 2. These models include a maglev vehicle/guideway model with a magnetic
feedback controller (Model 1), a simplified maglev vehicle/guideway model (Model
2) in which the magnetic forces are represented by spring-damper pairs, and a
moving load model (Model 3). These numerical models will be introduced in detail
in the following sections.

Middle Car First/End Car

25 m

Levitation Magnet

Guidance Magnet

3.096 m

First/End Car

Car Body

Levitation Bogie

Fig. 1 Structure of the TR08 high-speed maglev train
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2.1 Model 1

Model 1 consists of two subsystems: the vehicle subsystem and the guideway
subsystem.

Vehicle subsystem. The vehicle subsystem of Model 1 includes all the important
structural components of each maglev vehicle as well as a current feedback con-
troller for tuning the magnetic interaction forces between the maglev vehicles and
the guideway. The ability to control the magnetic forces by means of the current
controller is the most important feature of Model 1. As shown in Fig. 2a, a maglev
vehicle consists of one car body, four levitation bogies, and eight levitation mag-
nets. The car body is connected to each bogie by two spring-damper pairs (ks; cs),
which are referred to as the secondary suspension. Each levitation bogie is also
connected to two magnets by two spring-damper pairs (kp; cp), which are called the
primary suspension. The car body and the bogies each have two DOFs (one vertical
displacement and one pitching displacement), denoted by yc; hcf g for the car body
and yl1; hl1; yl2; hl2; yl3; hl3; yl4; hl4f g for the four levitation bogies. Every magnet
has one vertical DOF (denoted by ymn for the nth magnet). Therefore, each maglev
vehicle has 18 DOFs for vertical vibration. To establish the motion equation for the
maglev train, it is assumed that (a) the elastic deformation of the vehicles is ignored,
(b) the train passes along the guideway at a constant speed, and (c) the responses of
the maglev vehicles are independent of each other. Therefore, the dynamic equation
for the motion of a maglev vehicle can be expressed as

Car body

Guideway

Levitation 
Bogie

Magnet

Secondary  
Suspension

Primary 
Suspension

Roughness

Magnetic 
Force

Car body

Levitation 
Bogie

Secondary  
Suspension

Roughness

Magnetic Force 
(Spring and 
Damping)
Guideway

Moving Load

(a) Model 1

(b) Model 2

(c) Model 3

c cM y
c cJ θ

c cM y
c cJ θ

1t tM y 1t tJ θ

m

1t tM y
1t tJ θ

1 1p pk r c r+

1 1s sk w c w+

Fig. 2 a Model 1: high-speed maglev vehicle/guideway system with a magnetic feedback
controller; b Model 2: simplified vehicle/guideway model with spring-damper pairs; c Model 3:
moving load model
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½Mv�f€uvgþ ½Cv�f _uvgþ ½Kv�fuvg ¼ fPvg ð1Þ

where ½Mv�, ½Cv� and ½Kv� are the mass, damping, and stiffness matrices, respec-
tively, of the vehicle; fuvg represents the vertical displacement vector of the
vehicle, fuvg ¼ fym1; . . .; ym8; yl1; hl1; . . .; yl4; hl4; yc; hcg; fpvg is the load vector of
the vehicle, which, in this study, represents the controlled magnetic interaction
forces between the magnets and the guideway. The magnetic force (Fmn) between
the nth magnet and the guideway can be expressed as [9, 15]

Fmn ¼ K0
in
hn

� �2

; n ¼ 1; 2. . .; 8 ð2Þ

where in is the control current for the nth magnet; hn is the levitation gap between
the nth magnet and the guideway, hn ¼ ymn � un � zrn; un and zrn are the dis-
placement and irregularity, respectively, of the guideway at the action point of the
nth electromagnetic force; K0 is a coupling factor that can be obtained from the
equation for the static equilibrium condition for the vehicle model, i.e.
€yc ¼ €hc ¼ €zn ¼ 0. This coupling factor can be written as

K0
i0
h0

� �2

¼ p0 ð3Þ

where ði0; h0Þ denotes the desired values of the control current and levitation gap,
respectively, at a specified nominal operating point for the maglev train model.

Based on references [11, 12, 15], a reasonably accurate linear model may be
obtained by using linear approximations of the electromagnetic forces for excur-
sions around the nominal static equilibrium point ði0; h0Þ. In this study, the lin-
earized electromagnetic force for the nth magnet is given by

Fmn ¼ p0 þCiDin � ChDhn; n ¼ 1; 2. . .; 8 ð4Þ

where Ci ¼ @Fmn
@in in¼i0;hn¼h0

�� ¼ 2K0i0
h20

, Ch ¼ � @Fmn
@hn in¼i0;hn¼h0

�� ¼ 2K0i20
h30

, Din ¼ in � i0, and

Dhn ¼ hn � h0.
The current control law for the nth magnet is expressed as [9, 16]

Din ¼ khDhn þ kv _zn þ ka€zn; n ¼ 1; 2. . .8 ð5Þ

where kh, kv, and ka are the feedback control gains related to the change in the
levitation gap and the velocity and acceleration of the magnet; these gains can be
determined from the transient response characteristics of a controlled magnet [17].

Guideway subsystem. The guideway subsystem can be established using the mode
superposition method (MSM) [6] or the finite element method (FEM) [5, 18].
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Figure 3 presents the guideway model. The corresponding equation of motion for
the guideway subsystem can be expressed as

½Mg�f€yggþ ½Cg�f _yggþ ð½Kg� þ ½Kb�Þfygg ¼ fPgg ð6Þ

where ½Mg�, ½Cg�, and ½Kg� are the mass, damping, and stiffness matrices, respec-
tively, of the guideway; yg

� �
represents all the nodal DOFs of the guideway; ½Kb� is

the stiffness matrix for the boundary conditions, meaning that �½Kb�fygg represents
the forces induced by the boundary conditions, for example the bearing supports
and coupling connections; Pg

� �
is the load vector for the guideway, which is given

by

fPgg ¼
X8
n¼1

½Cn�fNcngFmn ð7Þ

where Fmn is the nth magnetic force acting on the guideway; Ncnf g is the dis-
placement interpolation vector for the guideway elements, where the subscript cn
indicates that the interpolation vector Ncnf g is evaluated at the action point of the
nth electromagnetic force; ½Cn� is the coordinate transformation matrix that trans-
forms the loads Ncnf gFmn from the element vectors to the overall structural vectors.
Rayleigh damping is assumed for the guideway, which means that the damping
matrix of the entire guideway can be computed as a linear combination of the mass
and stiffness matrices of the structure.

Guideway irregularity. The guideway irregularity used in this paper is generated
from the track spectra reported by the US Federal Railroad Administration
(FRA) for Class 6 [19] and is given by

SvðXÞ ¼ kAvX
2
c

X2ðX2 þX2
cÞ

ð8Þ

where SvðXÞ is the vertical irregularity, with units of cm2/(rad/m); X(rad/m) is the
spatial frequency; k is a dimensionless parameter that is assumed to have a value of
0.25 herein; Xc ¼ 0:8245 (rad/m) is the cut-off frequency; and Av ¼ 3:39� 10�7

(m2 rad/m) is the surface roughness constant. The considered wavelengths are
0.5–50 m.

m, EI, L

cpk

beark beark beark beark

v

element i element j

FEM Guideway

m, EI, L

cpk

beark beark beark beark

v

element i element j

FEM Guideway

Fig. 3 Guideway finite element (FE) model
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Solution. Based on Eqs. (1) and (6), the coupled motion equation for the maglev
train/guideway system can be written as

Mv 0
0 Mg

� �
€uv
€ug

	 

þ Cv 0

0 Cg

� �
_uv
_ug

	 

þ Kv 0

0 Kg þKb

� �
uv
ug

	 

¼ Pv

Pg

	 

ð9Þ

The incremental iteration method is used for the nonlinear dynamic analysis of
the maglev vehicle/guideway system, following the procedure shown in Fig. 4.
More detailed information about the incremental iteration procedure for the
dynamic analysis of maglev vehicle/guideway interactions is available in references
[9, 20]. It is noted that (1) the electromagnetic forces associated with the dynamic
interactions in the maglev vehicle/guideway system are updated in each iteration
and (2) as long as the root mean square of the sum of the guideway displacement
variations between the ith iteration and the (i − 1)th iteration is at least 10−8 times
that between the ith iteration and the first iteration, the procedure for reducing the
root mean square value will be iterated until the convergence requirement is met.

Fig. 4 Flowchart of the incremental iteration method for the maglev train/guideway system
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2.2 Model 2

The differences between Model 1 and Model 2 are that Model 2 omits the magnets
and the magnetic feedback controller, and the electromagnetic interaction forces
are simplified to equivalent spring-damper pairs. As shown in Fig. 2b, a maglev
vehicle in Model 2 consists of one car body and four levitation bogies. The car
body is connected to each bogie by the secondary suspension (ks; cs). The car
body and the bogies each have two DOFs (one vertical displacement and
one pitching displacement), denoted by yc; hcf g for the car body and
yl1; hl1; yl2; hl2; yl3; hl3; yl4; hl4f g for the four levitation bogies. Therefore, each

maglev vehicle has 10 DOFs for vertical vibration. The dynamic equation for the
motion of the maglev train can be expressed as

½Mt�f€utgþ ½Ct�f _utgþ ½Kt�futg ¼ fPtg ð10Þ

where ½Mt�, ½Ct�, and ½Kt� are the mass, damping, and stiffness matrices, respec-
tively, of the train; futg represents the vertical displacement vector of the train,
futg ¼ fyl1; hl1; . . .; yl4; hl4; yc; hcg; fptg is the load vector of the train, which, in
this study, represents the simplified magnetic interaction forces between the mag-
nets and the guideway. The simplified equivalent magnetic force (Fmn) between the
nth magnet and the guideway can be expressed as

Fmn ¼ kmðugn � utnÞþ cmð _ugn � _utnÞ; n ¼ 1; 2. . .; 8 ð11Þ

where km and cm are the equivalent stiffness and damping, respectively, for the
magnetic forces and ðugn � utnÞ is the relative displacement between the nth
magnetic force and the guideway, with ugn being the levitation bogie displacement
corresponding to the action position of the nth magnetic force (as shown in
Fig. 2b), and utn is the guideway displacement at the corresponding nth action
point.

The guideway subsystem and motion equation in Model 2 are the same as those
in Model 1. Various methods can be used to solve the coupled system equation of
Model 2, such as the dynamic condensation method [21] and the incremental
iteration method presented for Model 1. To solve the vibration equations of Model
2, the incremental iteration method is again used due to its simplicity and high
efficiency.

2.3 Model 3

Model 3 is a simple method for predicting the dynamic response of the guideway;
only the guideway is simulated, and the maglev train is simplified as a series of
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loads moving along the guideway at a speed v. The corresponding load function
FðtÞ is given by Yang and Yau [21]

FðtÞ ¼
X8
n¼1

p0 � Unðt; v; LÞ

Unðt; v; LÞ ¼ d½x� vðt � tnÞ� � Hðt � tnÞ � H t � tn � L
v

� �� � ð12Þ

where d is the Dirac delta function, x is the coordinate on the guideway, Hð�Þ is a
unit step function, tj is the arrival time of the nth load on the guideway, n is the total
number of moving loads considered (n = 8 in this study), d ¼ 3:096m is the
constant interval between the loads, and L is the length of the guideway. Either the
MSM [21] or the FEM can be used to obtain the solution in the moving load
method. In this study, the previously described FE model of the guideway sub-
system is still used as the guideway model in this case because the FEM allows
more convenient consideration of the complicated boundary conditions.

3 Response Analysis

Two cases are selected to conduct a response analysis of high-speed maglev train/
guideway systems. One case is the high-speed maglev test line at Tongji University,
JiaDing District, Shanghai, China. The other case is the commercially operating
high-speed maglev line at the Pudong airport, Shanghai, China.

On the test line, one maglev vehicle moves on a simply supported guideway at a
speed of 25 km/h. On the commercial line, five maglev vehicles move on a
two-span guideway at a very high speed of 410 km/h. In the two-span guideway of
the commercial line, two guideways are connected in an end-to-end manner to form
a two-span quasi-continuous guideway using a coupling connection, and the
guideways are supported by elastic bearings. The situations of the test line and
commercial line cases are presented in Fig. 5, and their parameters are listed in
Table 1.

To investigate the prediction accuracies of the different numerical models, the
responses calculated using each model are compared to corresponding
field-measured responses. Figure 6a shows the comparison for the guideway dis-
placement on the test line. It can be seen that the displacement responses of all
numerical models match well with the measurements. Figure 6b shows the com-
parison for the guideway velocity on the commercial line. Again, there is a good
match between the numerical models and the measurements. Therefore, it can be
concluded that all the numerical models can provide sufficient accuracy in the
prediction of guideway responses.
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At the peaks of the velocity response in Fig. 6b (approximately 0.1 and 1.1 s), it
can be seen that Model 1 yields the most accurate prediction of the response
amplitude, while Models 2 and 3 show obvious differences from the measurements.

12.384 mL =

One Maglev Vehicle

430 km/hv =Five Maglev Vehicles

Coupling Connection

Bearing Support
25 mL =

(a) Test Line Case

(b) Commercial Line Case

25 km/h v =

Fig. 5 a Case of the high-speed maglev test line; b the case of the commercially operating
high-speed maglev line comparative analysis of the guideway responses

Table 1 Parameters of the test line and the commercial line

Parameters Units Values

Test line Commercial line

Vehicle subsystem parameters

Length of car body (Lc) m 24.768

Length of levitation bogie (Lb) m 3.095

Mass of car body (Mc) kg 39,000

Mass inertia of car body (Jc) kg m2 2 � 106

Mass of levitation bogie (Ml) kg 1500

Mass inertia of levitation bogie (Jl) kg m2 1200

Mass of magnet (m) kg 1000

Primary vertical spring stiffness (kp) N s/m 4 � 107

Primary vertical spring damping (cp) N/m 1 � 104

Secondary vertical spring stiffness (ks) N s/m 4 � 105

Secondary vertical spring damping (cs) N/m 1 � 104

Nominal current (i0) A 25

Nominal levitation gap (h0) m 0.01

Feedback gains (kh, kv, ka) 6500, 40, 0.2

Guideway subsystem parameters

Length of guideway (L) m 12.368 25

Elasticity modulus � moment of inertia (EI) N m2 1.62 � 1010 8.58 � 1010

Guideway mass per unit length (mg) kg/m 4500 6000

Damping coefficient (f) (%) 3 2

Stiffness of bearing support (kbear) N/m 3.2 � 1020 3.2 � 1010

Stiffness of coupling connection (kcp) N mm/rad 0 1 � 1010
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These findings suggest that Model 1 is more accurate than Models 2 and 3 in the
prediction of guideway responses because Model 1 includes the feedback controller
for the magnetic forces in the maglev system.

Figure 7 presents a comparison of the acceleration responses of the numerical
models. It can be seen that the acceleration in Model 1 is smaller than those in the
other models, while Model 3 predicts the largest acceleration response. This is
because the feedback controller of Model 1 tunes the magnetic forces to attenuate
the guideway vibrations, whereas Model 3 neglects the effect of the mass of the
vehicle system on the guideway, thereby amplifying its acceleration response.

3.1 Comparative Analysis of the Vehicle Responses

Both Model 1 and Model 2 can predict the maglev vehicle responses, which are
very useful for evaluating the ride quality. Figure 8 compares the vehicle responses
of Model 1 and Model 2 in terms of the vertical and angular accelerations of a car
body and a levitation bogie. Models 1 and 2 are found to predict almost the same
accelerations of the car body and levitation bogie, thereby demonstrating that
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Fig. 6 a Displacement comparison on the test line; b velocity comparison on the commercial line
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Model 2 can achieve almost the same accuracy in predicting the vehicle responses
in the present case.

As shown in Fig. 8c, d, the accelerations of the levitation bogie in Model 1
exhibit more severe vibrations than those in Model 2 at approximately 0.45 s,
which suggests that the magnetic feedback controller has a significant effect on the
vibrations of the levitation bogie when the maglev vehicle is leaving the guideway.

Figure 9 presents the responses in terms of the magnetic forces and the levitation
gap without any irregularity in the guideway surface, which are predicted only by
Model 1. In the present case, the maximum variation in the magnetic force is 800 N
(1.23% change), and the maximum variation in the levitation gap is 0.15 mm, with
a guideway deformation of 0.92 mm. These findings reveal that the guideway
deformation does not induce significant variations in the magnetic forces or the
levitation gap and that the levitation stability and safety are well regulated.
Compared to Models 2 and 3, Model 1 has an advantage in that it can predict the
magnetic forces and levitation gap, which are very important for the evaluation of
levitation safety.

3.2 Comparison of Computational Efficiency

For the complete response prediction process with a time step of 0.005 s, the
calculation times are 303 s, 280 s, and 62 s for Models 1, 2, and 3, respectively.
The calculation time varies with various conditions, such as the computer config-
uration and program code details, but these results nevertheless indicate that Model
3 is indeed a simple and efficient means of predicting the dynamic responses of the
guideway. However, Models 1 and 2 also have acceptable calculation costs and can
predict a wider variety of numerical results; consequently, these train/guideway
models have greater value in research and design for maglev systems.
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Fig. 8 Vertical and angular acceleration comparisons for a car body and a levitation bogie
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4 Parameter Analysis

4.1 Effects of Velocity and Dynamic Amplification

The dynamic response induced by a moving train on a guideway is generally larger
than the static response. In particular, when a resonance condition is met because
the excitation load has a driving frequency equal to a fundamental frequency of the
structure, the dynamic amplification of the response reaches a maximum; thus, the
corresponding response can be regarded as a reasonable upper bound. According to
a review of the literature [5, 6], there is currently no design code for the dynamic
amplification of maglev guideways. Hence, for the design of guideway structures, it
is of great significance to study the relevant dynamic amplification and resonance
conditions.

Figure 10 illustrates the effect of the train speed on the guideway displacement.
Models 1 and 2 are found to predict almost identical responses, while an obvious
difference is evident between Models 1 and 3. This difference arises because the
effect of the mass of the maglev vehicle is ignored in Model 3. The resonance and
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cancellation conditions can be clearly observed in Fig. 10; the resonance speeds are
found to be 420 and 280 km/h, and the cancellation speeds are 530 and 330 km/h.
These results coincide with the resonance and cancellation speeds computed fol-
lowing the method of Yang and Yau [21], which are given by

Vri ¼ 3:6xdLc
i

; i ¼ 1; 2; 3; . . .

Vcani ¼ 7:2xdLc
2i� 1

; i ¼ 1; 2; 3; . . .
ð13Þ

where Vri and Vcani are the resonance speed and cancellation speed, respectively; xd

is the fundamental natural vibration frequency of the guideway; d is the full length
of the maglev vehicle; i represents the order of the resonance or cancellation. In this
case, Xd ¼ 9:3Hz; Lc ¼ 24:768m; and i ¼ 2; 3. Based on Eq. (13) and Models 1, 2
and 3, the first resonance speed outside the current speed range is found to be
approximately 830 km/h.
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Fig. 10 Effect of the train speed on the mid-span displacement of the guideway
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In this study, the effect of dynamic amplification on the guideway due to the
passage of moving vehicles is evaluated in terms of a dynamic amplification factor
(DAF), which is defined as

DAF ¼ DdðL=2Þ
DsðL=2Þ ð14Þ

where DdðL=2Þ and DsðL=2Þ are the maximum displacements of the mid-span with
and without the consideration of dynamic effects, respectively.

Based on the resonance and cancellation speeds (Vr2, Vcan2, and Vcan3) and their
corresponding dynamic amplification values as well as the fundamental frequency
of the guideway (xd), a set of design guidelines for a maglev guideway can be
summarized as follows:

u ¼
1:05 0� v� 330
1:1 320� v� 530
1:1þ 0:3ð1:6� k0Þ 530� v� 830

8<
: ð15Þ

where u is the DAF, k0 is a coefficient defined as k0 ¼ Lxd
v , L is the span length of

the guideway, and v is the speed of the maglev train. The comparison between the
numerical results and the summarized design guidelines presented in Fig. 11
reveals that they exhibit the same DAF trend and that the design curve appears
sufficiently conservative to account for train-induced vibrations. A DAF compar-
ison between the German design guidelines [22] provided by Ren [23] and the
summarized guidelines formulated here, as shown in Table 2, indicates that the
German design guidelines are excessively conservative for the design of Shanghai
maglev guideways because the type of guideway considered in the German
guidelines is mainly based on the first generation of concrete guideways at the Test
Facility Emsland [23], which has significant differences compared with the
guideways of the Shanghai maglev train line. Therefore, for the design of a maglev
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guideway similar to those of the Shanghai maglev train line, Eq. (12) can be treated
as a reference. Performing a case-specific resonance and cancellation vibration
analysis with a maglev train/guideway model is recommended.

4.2 Effects of Suspension Stiffness and Damping

To examine the influence of the suspension system on the response of the maglev
vehicle, four parameters, namely the stiffness and damping of each of the primary
and secondary suspensions, are investigated. For varying parameter values, the
calculated maximum vehicle acceleration and the calculated variation in the min-
imum levitation gap, which are important indices for ride quality and safety, are
presented in Figs. 12 and 13. During the calculation process, only one parameter
was varied at a time, while all other parameters were held fixed at their initial
values.

As shown in Fig. 12a, c, an increase in the secondary stiffness or damping is
found to lead to a corresponding increase in the vertical car body acceleration,
which is harmful to the ride quality of the maglev train. This phenomenon is more
obvious for the vibration of the first car than for that of the middle car. The
maximum acceleration increases from 0.017 to 0.438 m/s2 (by a factor of 25) when
the secondary stiffness increases from 4 � 105 to 4 � 106 N/m, and it increases
from 0.044 to 0.139 m/s2 (by 216%) when the secondary damping increases from
1 � 103 to 1 � 105 N s/m. These results indicate that the effect of the secondary
suspension on the vehicle acceleration is very significant.

As seen in Fig. 12b, d, an increase in the secondary stiffness or damping is also
found to lead to a corresponding decrease in the minimum levitation gap, which is
harmful to the ride safety of the maglev train. The minimum gap decreases from
−0.317 to −0.386 mm (by 21.8%) when the secondary stiffness increases from
4 � 105 to 4 � 106 N/m, and it decreases from −0.224 to −0.260 mm (by 16.1%)
when the secondary damping increases from 1 � 103 to 1 � 105 N s/m. These
results indicate that the secondary suspension also has an obvious effect on the
variation in the levitation gap.

Table 2 DAF comparison between the proposed guidelines and the German guidelines

Train speed (km/h) DAF of guideway from the present study DAF from Ref. [23]

100 1.05 1.05

200 1.05 1.1

300 1.05 1.2

400 1.1 1.24

500 1.1 1.48
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Figure 13 shows the effects of the primary suspension on the responses. It can be
observed from Fig. 13a, c that variations in the primary stiffness or damping will
not cause obvious changes in the vehicle acceleration. This finding indicates that
the primary suspension has only a weak effect on the vibration of the car body.
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As shown in Fig. 13b, an increase in the primary stiffness causes, in general, a
decrease in the minimum levitation gap. The minimum gap decreases from −0.208
to −0.226 mm (by 8.6%) when the primary stiffness increases from 4 � 106 to
4 � 108 N/m. By contrast, as shown in Fig. 13d, an increase in the primary
damping causes an increase in the minimum levitation gap. The minimum gap
increases from −0.230 to −0.223 mm (by 3%) when the primary damping increases
from 1 � 103 to 1 � 105 N s/m. These changes in the levitation gap are less than
10%, suggesting that the primary suspension also has a weak effect on the variation
in the minimum levitation gap.

5 Conclusion

This paper develops three numerical models to investigate the dynamic responses of
a high-speed maglev train/guideway system. A comparative analysis of the dynamic
responses calculated with the different numerical models has been conducted with
field-measured data as a reference, and an investigation has also been performed to
study the effects of the train speed and the suspension system on the dynamic
performance of the maglev train/guideway system. The following conclusions can
be drawn:

1. Comparisons of the experimental and numerical responses indicate that all of the
proposed numerical models can be used to accurately predict the dynamic
responses of the guideway. The moving load model is an especially efficient
means of predicting the guideway responses. However, if the responses of the
vehicle are of interest, then a train/guideway interaction model is preferred. In
particular, the interaction model with a feedback controller can predict the
dynamic responses in terms of the levitation gap and magnetic forces, which are
very important for the analysis of a maglev system.

2. The train speed has a significant impact on the guideway responses. The
dynamic amplification of the guideway responses is considerable when the train
speed reaches a certain value (560 km/h in the present case). The dynamic
amplification factors specified in a previously developed set of German design
guidelines are excessively conservative in the present case; thus, it is recom-
mended that an appropriate case-specific amplification curve for guideway
design be extracted based on the relevant resonance and cancellation conditions.

3. In this paper, the stiffness and damping of the secondary suspension are found to
exhibit a significant effect on the car body acceleration and the levitation gap, with
an increase in either one leading to an obvious increase in the vehicle acceleration
and a decrease in the minimum levitation gap. By contrast, the stiffness and
damping of the primary suspension exhibit a relatively weak effect on the car body
acceleration and the minimum levitation gap. Thus, to ensure satisfactory ride
quality, the secondary suspension system should be more carefully considered.
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The proposed numerical models can be used for related research on maglev train/
guideway systems as well as for further research, such as research on the ground
and environmental vibrations induced by high-speed maglev trains.
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Study on Properties of Polyurethane
Grouting Foam Material for High-Speed
Railway Track Lifting

Wen Han, Chuanyue Huang, Jiadong Xu, Yanjie Lu, Yan Zhu,
Yanjun Cui and Jinsong Tang

Abstract In this paper, a novel polyurethane grouting foam materials (PGFM)
were optimized with the polyether polyol species, molecular weight, functional
degree, isocyanate index, chain extender contents, catalyst species and contents into
the desired formula. Such optimized formulation design disclosed that the PGFM
had the best comprehensive performance when the isocyanate index was of 1.2,
polyether molecular weight of 500–800, functional degree of 3–4, and chain
extender at 3% and the catalyst dosage C1 0.4% and C2 0.2%. Intensive investi-
gation in the molding density of PGFM influence on mechanical properties, water
absorption, frost/acid/alkali resistant, aging performance, environmental properties
and safety tested by experiment was found that PGFM had the low water absorption
rate, excellent mechanical properties, dimensional stability frost/acid/alkali resis-
tance and safe and environmentally friendly. Lastly, after injecting polymer
grouting material into the lift track, the durability and dispersion of PGFM were
also tested to confirm its engineering application feasibility for high-speed railway
lifting track structure. It revealed that the PGFM evenly distributed under the
concrete base plate and the surface of the track subgrade. The grouting filler can not
only distribute evenly on the surface of the subgrade, but also enter into the interior
of the subgrade along with the graded gravel pores, which further played an
important role in strengthening the subgrade.
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1 Introduction

Benefit with high speed and high capacity, energy efficiency and economy saving
and environmental friendliness, the high-speed railway has prompted extensive
development and vastly social and economic benefits for the whole country of
China. Currently, large area of high-speed railway is adopted of ballastless track.
Compared with ballast track, ballastless track is composed of high stiffness and
reinforced concrete track structure, instead of discrete sleeper and loose ballast [1–
3]. Besides that, ballastless track is of longer service life, lower maintenance cost
and better maintenance of track geometry. Moreover, ballastless track embedded
with seamless track can tolerate certain track expanding, as which makes it with
higher smoothness and durability, suitable for high-speed train operation in better
safety and comfort.

However, on the one hand, caused by accumulation of certain deformation, on
the other hand, due to complexity of Chinese geological conditions, the subgrade of
the high-speed railway produces uncontrollable post-construction settlement, fur-
ther reduces the smoothness of the whole ballastless track structure, which in turn
destructs the advantages of ballastless track on stability and comfort, and even
endangers driving safety [4–6].

To settle such problem and maintain normal operation of high-speed railway,
Ford and Gibson [7] reported using polymer grouting technology for restoring the
lifting capacity of line height and fastener system to lift track structure accurately.
In such technology, the high-pressure materials are injected onto the roadbed gravel
surface by pipeline, to fill the pore and concrete the graded crushed stone form, then
uplifted by the huge reaction force into the track structure [8–10], and finally
consolidated as a part of the track structure in grouting form. Hence, in order to
maintain the smooth lifting process, and thereafter operational performance of the
track structure, such materials need to encounter the requirements of controllable
expansion force, high strength and durability, safety and environmental protection.
Here, we synthesized novel high durable strength PGFM by meticulous regulation
of material formula and investigated the influence of different components on the
bubble pore on mechanical properties of them.

2 Materials and Methods

Polyurethane foam is an extensive family of polymers that can be manufactured
with a wide range of physical properties in either expanded or unexpanded states.
Expanding polyurethane foam is formed by polyols and isocyanates with specific
volumetric proportions in conformity to their particular specifications. By intro-
ducing a large amount of carbon dioxide during the reaction, such foam structure
formed with gas bubbles (cells) surrounded around the rigid walls.
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The physical property of PGFM was tested in accordance with ISO, IEC, GB
and major OEM test procedures. Among them, ISO 844 is referenced to determine
compressive strength, ISO 1926 to tensile properties, GB/T10799 to closed cell
percentage, GB/T 6343 to density, IEC 62321 to heave metal content and OEM to
start foaming time and surface drying time. After the distilled water was soaked
with polyurethane foam for 24, 72 h or 3 months, the remaining water was ana-
lyzed in items and parameters referring to the standard drinking water.

3 Results and Discussion

3.1 Formula Optimization of PGFM

3.1.1 Polyether Polyol Molecular Weight and Functionality

As shown in Table 1, under the same condition, different active polyether polyols
group proceeded with a huge distinction on the reaction rates. Comparing with the
reaction rate disclosed that the self-catalyzed amine ether was the fastest, of which
the start foaming time was 7 s and the surface drying time was 28 s, while the
ordinary polyether polyol group was the slowest. Moreover, polyether polyols with
different activities also generated specific effects on material mechanics. The pri-
mary hydroxyl group exhibited the smallest compression and tensile properties
because of the introduction of the primary hydroxyl group and the flexibility of the
molecular chain with ethylene oxide sealing end better than that of propylene oxide.
Amine ether group revealed the fastest reaction speed and strong compression and
tensile strength, making it advisable to reach the mechanical performing require-
ments of grouting materials.

Figure 1 describes that the compressive strength and the tensile strength
remarkably decreased with the increase in polyether polyol molecular weight.
However, the breaking elongation of PGFM presented a continual increase with the
enhancement of polyether polyol molecular weight as depicted in Fig. 2. It is known

Table 1 Effects of different reactive polyether polyols on the properties of PGFM

Polyether
polyol
species

Start
foaming
time (s)

Surface
drying
time (s)

Compressive
strength
(MPa)

Tensile
strength
(MPa)

Breaking
elongation
(%)

Primary
hydroxyl
polyether

9 34 0.817 0.762 4.27

Ordinary
polyether
polyol

13 49 0.853 0.804 3.76

Amine ether 7 28 0.877 0.825 3.58
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that the polyether polyol molecular weight has an important effect on the mechanical
properties of PGFM. Because of the soft segment, the structures in the PGFM are
mainly composed of polyether polyol, with the increase in polyether polyol
molecular weight, soft segment molecular chains become longer, and the structures
become softer. It can also be learned from Fig. 1 that when the molecular weight was
higher than 800, the compressive strength nonconforming requirement was less than
0.72 MPa. As displayed in Fig. 2, when the molecular weight was less than 500, the
breaking elongation nonconforming requirement was greater than 2%. Therefore, in
order to satisfy the comprehensive mechanical properties requirements are to lift the
track structure effectively; the molecular weight of polyether polyol was preferably
in the range of 500–800.

Figure 3 indicates that the compressive strength and the tensile strength
increased notably with the increase in polyether polyol functional degree. On the
contrary, Fig. 4 reveals that the breaking elongation of PGFM presented a continue
decrease when the polyether polyol functional degree increased. These results
demonstrated that the polyether polyol functional degree displayed an important
effect on the mechanical properties of PGFM. This is because the soft segment
cross-linking degree of PGFM increases when the polyether polyol functionality
increases, leading to the increase in compressive strength and tensile strength,
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but the decrease in breaking elongation. The polyether polyol functional degree was
selected ideally as 3–4 to fulfill of the comprehensive mechanical properties
requirements.

3.1.2 Chain Extender Contents

In order to examine the effect of chain extender cross-linking agent on the per-
formance of polymer grouting materials, small-molecule polyol was selected as
chain extender cross-linking agent. When the dosage of chain extender
cross-linking agent was extended gradually from 0 to 4% of polyether polyol, the
influence of chain extender cross-linking agent on the mechanical properties of the
grouting materials was enhanced, as depicted in Fig. 5.

Figure 6 evinces that with the increasing in the dosage of cross-linking agent,
compression strength and tensile strength of grouting material gradually increased,
while elongation at break decreased. This indicated that added extender
cross-linking agent strengthens the mechanical properties of PGFM, but reduced the
deformation properties. In order to satisfy the compression, the tensile strength of
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grouting material is not less than 0.72 MPa, the elongation at break not less than
2% of the demands and the dosage of extender cross-linking agent was preferably in
2–3%.

3.1.3 Catalyst Spaces and Contents

The amount of catalyst has evidenced as a significant influence on the reaction rate
of the grouting material. The effects of different types and amounts of catalysts on
the starting time and dry time of the grouting material (C1 stood for the amine
starting catalyst and C2 for the organotin gel catalyst) were explored, which listed
in Table 2. As C2 is a kind of organotin-based catalysts damaging to the envi-
ronment, friendly environmental catalyst C3 replacing for C2 was also examined.
As shown in Table 3, under the same condition, replacing C3 for C2 exhibited little
effect on reaction rate. It is also revealed from Table 2 that the reaction rate
increased with catalyst content increasing. The start foaming time was 8 s and the
surface drying time 28 s when C1 content was 0.4% and C2 0.2%. More than this
set of catalyst content, the growth of reaction rate was not obvious.
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Eventually, in order to appease the comprehensive mechanical properties
requirements and cost of PGFM the C1 content was set as 0.4% and the C3 content
as 0.2%.

3.1.4 Isocyanate Index (R-Value)

The ratio of –NCO group in isocyanate to the –OH group in polyether polyol is
called isocyanate index (R-value), which performs an important effect on the
reacting and mechanical properties of PGFM. As displayed in Fig. 7, with the
increase of R-value, the reaction rate slowed down, mainly due to the increase in
isocyanate content, decreasing catalyst dosage relatively, then lowing the reaction
rate.

Figures 8 and 9 reveal that tensile strength increased first and then decreased
with the increase of R-value, and the maximum compressive strength appeared

Table 2 Effect of different catalyst contents on the reaction time of PGFM

C1 C2 Start foaming time (s) Surface drying time (s)

0.1 0.05 12 48

0.2 0.1 10 40

0.3 0.15 9 32

0.4 0.2 8 28

0.5 0.25 7 27

0.6 0.3 7 23

0.8 0.35 6 21

Table 3 Reaction times of PGFM with different content catalysts

C1 (%) C2 (%) C3 (%) Start foaming time (s) Surface drying time (s)

0.4 0.2 0 8 28

0.4 0 0.2 8 30
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around the R-value of 1.2. For reaching the need of compression strength and
tensile strength of polymer grouting material, R-value was set between 1.1 and 1.30.
The higher the isocyanate index, the more intense the reaction of the polymer
grouting material became, and the more concentrated heat was released. The
structure of the high obturator material was not conducive to heat dissipation, while
heat accumulation was easy to occur. Thus, the isocyanate index of PGFM was
selected 1.2.

3.2 Properties of PGFM

3.2.1 The Effect of PGFM Density on Mechanical Properties,
Water Absorption and Frost Resistance

Due to PGFM injected in the limited space in the underground, the resulted density
of PGFM is more important than its free expansion foam density, making it nec-
essary to analyze various properties of PGFM at different molding densities. In this
work, different weight of PGFM was injected into the fixed volume steel molds to
control the density of PGFM.

As shown in Fig. 10, with the increase in molding density, both the compressive
strength of PGFM and the growth rate increased gradually. Under nonlinear
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regression, compressive strength with density displayed a good quadratic linear
relationship. Figure 11 shows that the relationship between tensile strength and
molding density was satisfied with a straight line. Combining with the properties
between breaking elongation and density in Fig. 12, the density of PGFM at
250 kg/m3 was suitable. Moreover, the compressive strength and tensile strength
of PGFM at density of 250 kg/m3 were all apt to the mechanical requirements.
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As shown in Fig. 13, expansive force and molding density were fitted to a quadratic
linear curve, from which the expansive force at any density can be verified. The
expansive force of PGFM at the density of 250 kg/m3 mentioned above was
1280 N, which fully suitable for the uplifting capacity required by the track
structure.

Figure 14 demonstrates that when the molding density increased, the water
absorption of PGFM decreased. When the molding density reached 80 kg/m3, the
water absorption was of 3.64%. However, the water absorption was only of 0.28%
when the density was 300 kg/m3. This indicated the density encountered significant
influence on the water absorption, which reason was that with the increase of
density, the obturator of PGFM structure became regular and dense, and the pro-
portion of closed cells increased, as shown in Fig. 15. Therefore, even if PGFM
immersed in water for a long time, the water was difficult to enter inside of the
PGFM. Before the test, some of the closed cells were destroyed because of the
scarfskin of PGFM excising. Thus, the actual water resistance of PGFM would be
better while injecting in underground environment.

As shown in Fig. 16, with the increase in PGFM molding density, the effect of
freeze-thaw cycles on compressive strength increased. When the number of
freeze-thaw cycles was set as 300 per 2 h, the compressive strength of PGFM with
density of 80 kg/m3, 100 kg/m3, 200 kg/m3 and 250 kg/m3 presented 8.3%, 9.6%,
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11.8% and 14.7% decrease, respectively. With the increase in molding density, the
cell diameter decreased, the expansive pressure causing became easier to damage
the cell structures by water swelling. However, as shown in Fig. 16 that even
though the density reached 250 kg/m3, the compressive strength loss of PGFM after
300 times of freeze-thaw cycles was still less than 15%, which was also satisfied
with fully long-term service requirements.

(a) 120kg/m3 (b) 150kg/m3

(c) 180kg/m3 (d) 200kg/m3

Fig. 15 SEM images of
PGFM with different densities
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3.2.2 Acid and Alkali Resistance of PGFM

Before acid and alkali resistance test, PGFM was immersed in acidic or alkaline
solution for a certain period. The pH value of acidic solution was set as 0, and the
pH value of alkaline solution as 14. As described in Fig. 17, with the increase in
immersing days, the compressive strength of PGFM immersed in acidic/alkaline
solution all presented a tiny change, which indicated that the dense cell structure of
PGFM possessed excellent acid and alkali resistance capability.

3.2.3 Aging Performance of PGFM

The time–temperature superposition principle based on experimental data was used
to estimate the aging performance of PGFM. The experimental results of change of
r10 (compressive stress at 10% relative deformation) with aging time in artificially
accelerated wet and hot aging conditions are shown in Fig. 18. In the experiment,
the failure point was undergone with 30% decrease of r10, originated as 3.06 MPa,
from which the time of r10 was predicted to be 2.14 MPa at 25 °C.
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Taking the reference temperature of 25 °C, the curve of 120 °C was shifted to
the right, with the curve of 25 °C added, translated into lgaT = 1.379. Under the
same operation, the curve of 150 °C translated into lgaT = 1.855. The time–tem-
perature equivalent curve under 25 °C can also be obtained, as shown in Fig. 19.

According to the failure point (r10 = 2.14 MPa) and the corresponding time
scale (lgt = 4.072), the storage life of PGFM at 25 °C was equivalent to 32.3 years
which met for the long-time service life requirement.

3.2.4 Heavy Metal Ions and Halogen in PGFM and Harmful
Substances in PGFM Immersion Water

As shown in Table 4, the heavy metals such as cadmium, lead and mercury were
not detected, which in turn meant that such materials fully complied with the
requirements of the European Union. The same was suitable for organic matters, as
chloride ion was only discovered, with content only of 0.0952%. Such low content,
even for underground concrete structures, showed no impact. All of the above
indicated that PGFM was a kind of green and pollution-free environmental bene-
ficial material.

The PGFM were immersed in distilled water, where the soaking ratio of the
PGFM and distilled water was 1:120, with the soaking water left after 1 day, 7 days
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Fig. 19 Time–temperature
equivalent combination curve

Table 4 Test results of
heavy metal ions and halogen
in PGFM

Test items Tested value (mg/kg)

Cd Not detected

Pb Not detected

Hg Not detected

Cr6+ Not detected

F Not detected

Br Not detected

I Not detected

Cl 952
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and 30 days. The concentration of ions in the aqueous solution was tested
according to the drinking water standard and is listed in Table 5.

Analysis of the composition of the filtrate of the soaking water of PGFM showed
that the leachate did not contain any polymer material, which proved that the PGFM
would not degrade or decompose in the case of long-term water immersion.
Through comparison and analysis of the test results of PGFM immersion water
quality and the sanitary standard of drinking water, the PGFM would not cause
pollution to water quality, which indicated that the PGFM grouting material would
not pollute the groundwater when buried in the underground for a long time.

3.3 Experiments of PGFM After Grouting

3.3.1 The Lifting Process of Track Structure

The two components of PGFM were mixed with a grouting machine and injected
under track structure. The material expanded rapidly, lifting the track structure as it
diffused. As shown in Fig. 20, the grouting hole around the concrete base plate was

Table 5 Comparison of leaching water tested value and drinking water limit value

Tested value of PGFM leaching water (mg/L) Drinking water limit
value (mg/L)Test items 1d 7d 30d

Cr6+ <0.05 <0.05 <0.05 0.05

Cd 0.00007 0.00008 0.00007 0.005

Pb 0.0002 0.0001 0.0002 0.01

Mn <0.05 <0.05 <0.05 0.1

As 0.0004 0.0004 0.0005 0.05

Hg 0.00002 0.00001 0.00002 0.001

Al3+ <0.01 <0.01 <0.01 0.2

Cu <0.04 <0.04 <0.04 1.0

Zn <0.04 <0.04 <0.04 1.0

Fe <0.01 <0.01 <0.01 0.3

Se 0.0005 0.0005 0.0004 0.01

Cyanide <0.01 <0.01 <0.01 0.05

Fluoride 0.11 0.27 0.29 1.0

Chloride 0.37 0.75 0.81 250

Sulfate 0.12 0.47 0.53 250

Nitrates 0.18 0.21 0.28 20

Carbon tetrachloride <0.001 <0.001 <0.001 0.06

Volatile phenols <0.001 <0.001 <0.001 0.02

pH 6.6 6.7 6.6 6.5–8.5
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sealed to prevent the grouting material from extruding from interface. Then, the
grouting hole was grouted along the middle line of the track slab, so that the
grouting material was filled at the interface between the concrete floor and
the surface of the foundation bed, and then the lifting of the track structure was
completed. As the result, four angle positions of the track structure were uplifted
46.32 mm, 44.93 mm, 44.40 mm and 45.25 mm, respectively, which indicated that
PGFM can uplift the track structure effectively.

3.3.2 Mechanical Properties of PGFM During Service Process

Large cycle fatigue was used to investigate several mechanical properties of PGFM
under dynamic load, of which the load range was 50–130 kPa and the load fre-
quency 10 Hz. After 3 million cycles of loading, the axial cumulative deformation
of the PGFM sample became stable at about 0.39 mm, and the accumulated strain
was about 7.7‰. The axial cumulative deformation of the PGFM–gravel mixture
sample was tended to be stable at about 0.13 mm, and the accumulated strain was
about 0.65‰. These indicated that PGFM can bear large cyclic loads during service
process after grouting.

3.3.3 The Diffusibility of PGFM Under Track Structure

After the test operation, the support layer slab removed to observe the distribution
of PGFM. As shown in Fig. 21, PGFM formed uniform layer structure between the
bottom of support layer slab and the surface of subgrade. This indicated that PGFM
possesses excellent fluidity and pack uniformity during the injection process. In
addition, the PGFM and graded gravel further combined into a solid body, as shown
in Fig. 22, which was beneficial for the wholeness and workability of track
structure. It also indicated that the PGFM can not only be uniformly distributed on
the surface of the foundation bed, but also enter into the interior of the foundation
bed along with the pores of graded gravel in the foundation bed, thus playing a role
in strengthening the foundation bed.

Fig. 20 Diagram of PGFM uplifting the track structure
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Finally, it was manifested that the laminated structure had strong compressive
strength, fully met the mechanical requirements of the material used for track
lifting. The density deviation of all points sampled was consistency, and after 3
million times vehicle vibration, the whole material on the surface did not appear to
crack and had good durability.

4 Conclusions

This work dealt with the formula optimization, and the preparation of PGFM with
excellent performance. Such specific grouting material was injected into space of
track structure, carried out to form a well-dispersed laminated structure to meet the
service demand of high-speed railway. The main conclusions are as follows:

Fig. 21 Distribution of PGFM after condensation

Fig. 22 Combination of
PGFM and gravel
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(1) The optimized formulation design found that the material had the best com-
prehensive performance when the isocyanate index was of 1.2, polyether
molecular weight of 500–800, functional degree of 3–4, chain extender at 3%
and the catalyst dosage C1 0.4% and C2 0.2%.

(2) Further investigation found that the lower water absorption rate, the more
excellent mechanical properties dimensional stability frost/acid/alkali resistance
and safe and environmentally friendly would be.

(3) The polyurethane grouting material foam injected in the ground was a closed
cell structure, and the permeability tests were proven to be almost impermeable.

(4) The polyurethane grouting material evenly distributed under the concrete base
plate and the surface of the track subgrade. The grouting filler can not only
distribute evenly on the surface of the subgrade, but also enter into the interior
of the subgrade along with the graded gravel pores, which further plays a role in
strengthening the subgrade.
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Monitoring Technology of Ballast Track
in Rail Expansion Joint Area
of High-Speed Railway

Guoliang Song, Chao Lin, Weichang Xu and Shehui Tan

Abstract The rail expansion joint is a weakness of the track structure, though it
can reduce the interaction force between the bridge and rail. This paper focuses on
Tongling Yangtze River Bridge on Beijing-Fuzhou Railway and puts forward the
monitoring content and method for rail expansion joint on ballast bed combining
with the defect research of laying rail expansion joint in beam ends on China’s large
span bridges. A track real-time monitoring system is built with the research of
image recognition, data association analysis, etc. It has realized the functions of
automatic data acquisition and transmission, data storage and analysis as well as
automatic monitoring daily report generation. The long-term monitoring data show
that the amount of expansion displacement difference between left and right rail is
0–4.0 mm, the annual expansion deformation of stock rail is 447.4 mm, and the
corresponding annual change of the beam ends is 370.6 mm.

Keywords High-speed railway � Rail expansion joint � Rail expansion device �
Ballast track � Real-time monitoring system

1 Introduction

With the development of China’s high-speed railway in recent years, it is inevitable
to have long-span continuous beam bridge in order to meet the needs of various
complex regional environments. Under the effect of temperature load, the contin-
uous welded rail on the long-span continuous beam bridge will generate consid-
erable longitudinal force and displacement of the rail. To ensure the strength and
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stability of the rail, a rail expansion joint should be set at the beam end, and a rail
expansion device is also required if the beam end is large. At present, China’s large-
span railway bridges, e.g., Nanjing Dashengguan Yangtze River Bridge, Wuhan
Tianxingzhou Yangtze River Bridge, Tongling Yangtze River Rail-cum-Road
Bridge are all equipped with rail expansion joints, and rail expansion devices are
installed at the beam ends.

In the process of using the rail expansion joint and the rail expansion device at
the beam end on relevant lines, there are some defects such as inclined crack of the
sleeper, large deformation and stuck of the scissor fork for rail expansion device,
resulting in a large amount of maintenance work and economic loss [1–3]. So far,
the domestic inspection of high-speed railway rail expansion joints is generally
carried out by manual inspection during night maintenance time and supplemented
by regular rail inspection vehicles. The inspection efficiency of the rail inspection
vehicle is high, but the detection period is long, in contrast, the manual detection
has a high detection frequency, but the efficiency is low. In addition, in the
non-maintenance time, neither manual static detection nor dynamic detection of rail
inspection vehicle can get the status of the line in real time. Once the defect occurs,
it is difficult to find it in time, which may affect the safety of train operation.

Based on investigation and analysis of the existing monitoring systems [4–8] and
research on the long-term monitoring technology of high-speed railway track
system, this paper establishes a long-term monitoring system for high-speed railway
rail telescopic regulators, which integrates image recognition technology, com-
munication technology and computer technology. The system realizes the functions
of automatic collection, transmission, analysis and automatic generation of moni-
toring data and images, provides reliable and detailed monitoring data for the safety
analysis of high-speed railway rail expansion joint and rail expansion device, and
offers a scientific basis for defect control and maintenance of rail expansion joint.

2 Overview of Monitoring Sites

The design speed of the Beijing-Fuzhou Tongling Yangtze River Rail-cum-Road
Bridge is 250 km/h, and the main bridge is a double-tower steel cable-stayed
bridge. The main span of the steel girder is 645 m, which is one of the largest
railway span bridges in China. The bridge is constructed with a ballast track
structure, a rail expansion joint with an expansion amount of ±600 mm at the beam
end and a rail expansion device at the beam end. Figure 1a shows the structure of
the rail expansion joint, which contains two hanging steel sleepers between beam
ends and a double link expansion device. This kind of joint ensures the distance
between nodes being uniform and not exceeding the allowed maximum value
during the expansion. Figure 1b shows a rail expansion joint set at the beam end of
Tongling Yangtze River Bridge.
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3 Monitoring Content

3.1 Temperature Monitoring

Temperature monitoring can reveal the effect of temperature on structural defor-
mation. Therefore, to acquaintance the deformation law of the track structure of the
rail expansion joint area, it is necessary to monitor the atmospheric temperature, the
rail temperature and the bridge temperature.

3.2 Rail Expansion Displacement Monitoring

In the process of operation, due to the influence of the resistance of fasteners, the
resistance of the track bed, the performance of the rail expansion device and other
factors, the left and right strands of rail expansion joint may have unsynchronized
expansion or excessive displacement, which may easily lead to the deformation of
the track skeleton, or even cause the scissor fork bent or twisted. Monitoring of the
rail displacement is conducive to understand the resistance of the left and right
fasteners and the resistance of the track bed. The fastener and track bed resistance
can be adjusted in time when problem occurs. According to the relevant specifi-
cations and the use instructions of the regulator, the relative displacement between
the left and right stock tips and the stock rails shall not exceed 5 mm. According to
the relevant specifications and the use instructions of the regulator [9–13], the
relative displacement between the left and right stock tips and the stock rails shall
not exceed 5 mm.

Fig. 1 a Structure of the rail expansion joint and rail expansion device; b rail expansion joint at
the beam end of Tongling Yangtze River Bridge
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3.3 Sleeper Spacing and Deformation Monitoring

The excessive distance between the sleeper leads to the increase in the impact on
the rail, which affects the service life of the rail. At the same time, the tilt of the
sleeper will result in bending or distortion of the cutter and fork.

According to the “Management Manual for Beijing-Fuzhou Tongling Yangtze
River Rail-cum-Road Bridge” [14]: “The center distance between the movable steel
sleeper, the movable steel sleeper and the adjacent fixed steel sleeper is in the range
of 385–635 mm, and the maximum deviation between the clearance between the
adjacent steel sleepers and the average clearance is no more than 25 mm. When the
average distance between adjacent steel sleepers exceeds 635 mm, measures shall
be taken immediately to stop operation and report to higher authorities.”

3.4 Bridge Beam End Value Monitoring

The change of bridge girder joints directly affects the service state of the rail
expansion joint. If the value of the girder joints exceeds the maximum expansion
range of the regulator, the regulator will be over-ranged, endangering traffic safety.
Therefore, it is necessary to conduct long-term monitoring of the girder joints value.

3.5 Structural Apparent State Monitoring

The apparent defect of the rail expansion joint is mainly manifested in the defor-
mation of the scissor fork and the squeezing of the fastener pads. The related defects
of the rail expansion joint can be found in time through video monitoring.

4 Monitoring Method

4.1 Image Recognition Technology

It is a mature method to use displacement sensor for measurement, but the rail
expansion joint is a sensitive part of the track structure, the installation of contact
displacement sensor poses safety hazards to operation. Image recognition tech-
nology has strong robustness to light, bad weather, etc., and its non-contact mea-
surement method just meets the needs of long-term safety monitoring. Therefore, an
image recognition method is adopted for the displacement measurement of rail
expansion joint, as follows:
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(1) Switch rail expansion displacement

Marking points should be set at the actual point of switch rail and the corre-
sponding base rail web to measure the relative displacement through identifying the
distance between the marking point 1 located at the actual point of switch rail and
the marking point 2 located on the base rail. The distance between the marking
points 2 and 3 is a standard distance, and the length between marking points 1 and 2
in the picture can be converted by referring to the length between marking points 2
and 3 (Fig. 2).

(2) Sleeper spacing and skewness

The red marking points are arranged on the steel sleepers and the concrete
sleepers, the position of the center of the red marking point is obtained by taking a
picture, the spacing of the sleepers is obtained by the distance between the centers
of the circles, and the degree of skewness of the sleeper can be quantitatively
determined through the center line connection (Fig. 3).

4.2 Displacement Label

The displacement label is mainly used to identify the relative displacement between
rail structures in the rail expansion joint area with image recognition technology.

1
The point of switch railStock rail

23

Standard distance Measuring distance

Fig. 2 Switch rail expansion displacement identification method

beam seam

ballast ballast

slag back plate slag back plate

rail

rail

steel
sleeper

steel
sleeper

Initial point Point after skew

Fig. 3 Sleeper skewness identification method
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The displacement label consists of two parts, one is the reference area of mea-
surement and the other is the recognition area of measurement. The reference area
mainly provides measuring point information (QR code) and measuring reference
amount (the distance between the centers of two red circles is fixed). The recog-
nition area is mainly located on the measuring object, and the distance between two
measuring points can be obtained by obtaining the center of the circle in the
recognition area and the center of a circle in the base area.

In order to obtain the measuring point information automatically, a live code is
set in the middle of the reference area. The live code encodes an assigned short
URL and jumps to this URL after scanning. The content can therefore be stored in
the cloud which allows to update and store large amounts of text content at any time
(Fig. 4).

5 Monitoring System

The long-term monitoring system of high-speed rail expansion joint consists of
three subsystems: data measurement subsystem, data collection and transmission
subsystem and data management analysis subsystem.

The data measurement subsystem measures the temperature, displacement and
other data of the rail expansion joint. The data collection and transmission sub-
system are used to collect and back up the monitoring data; then, data are trans-
mitted to the data management analysis subsystem through network. Finally, the
functions of storing, analyzing and querying data are completed. Figure 5 shows
the topology diagram of the monitoring system.

(a) Measuring reference area

(b) Measurement identification area

Fig. 4 Displacement label
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5.1 Data Measurement Subsystem

The data measurement subsystem consists of video surveillance cameras, temper-
ature sensors, displacement sensors, etc. distributed in the field.

The data measurement subsystem achieves real-time online monitoring of rail
expansion joint and rail expansion device through real-time measurement of air
temperature, rail temperature, bridge temperature, rail displacement, sleeper spac-
ing, bridge beam end value, etc. Figure 6 shows the layout of long-term monitoring
measurement points of rail expansion joint.

Temperature measuring point Temperature monitoring includes air, rail and
bridge temperature. There is one air temperature measuring point, set on the pier;

The temperature 
sensor of air

The temperature 
sensor of structure

 Displacement 
sensors for bridge

beam joint
The video camera

Data measurement subsystem

Network video 
recorder

Acquisition server

Data collection and 
transmission subsystem

Data processing server

Monitoring terminal

Data management analysis subsystem

Fig. 5 Topology diagram of monitoring system
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Concrete bridge

Beginning of  rail
expension joint the  point of switch rail The end of  stock rail

End of  rail expension joint

End of  rail expension joint

The temperature sensor for steel beam The air temperature sensor The temperature sensor for concrete beam

Fig. 6 Rail expansion joint long-term monitoring measuring point layout
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four rail temperature measuring points in a set of joints, two on the stock rail and
the other two on the actual point of switch rail; four bridge temperature measuring
points, two on concrete bridges and two on steel bridges. The temperature sensor
has a test accuracy of 0.1 °C. The test accuracy of the temperature sensor is 0.1 °C.

Rail expansion displacement measuring point There are four measuring points
in a set of rail expansion joints, two located at the front of the actual point of switch
rail and two located at the heel of the stock rail, respectively. The displacement
label is pasted at the measuring point, the video camera is mounted, and the dis-
placement value is obtained through the image recognition method. The test
accuracy of rail expansion displacement is 0.1 mm. Figure 7 shows the actual point
of switch rail displacement monitoring in the field.

Sleeper spacing and deformation measuring point There are two sleeper spacing
and deformation measuring points in a set of rail expansion joints. One measuring
point is located at the beam joint, which measures the distance between steel
sleepers, the distance between steel sleeper and concrete sleeper and the distance
between concrete sleepers. The other one is located at the heel of the stock rail,
which mainly measures the distance change of the concrete sleepers near the heel of
the stock rail. The displacement label is pasted on the measuring point, a video
camera is installed, and the sleeper spacing value is obtained through the image
recognition method. At the same time, the skewness of the two sleepers is judged
by the spacing between the two sleepers at different positions. The test accuracy of
sleeper spacing is 0.1 mm. Figure 8 shows the track displacement monitoring point
in the field.

Bridge beam end value measurement point Two bridge beam joint displacement
sensors are installed at the beam joints on both sides of the main bridge of Tongling
Yangtze River Bridge. The test accuracy of the bridge beam joint value is 0.1 mm.
Figure 9 shows the bridge beam displacement sensor installed in the field.

Fig. 7 Actual point of switch rail displacement monitoring
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Structural apparent state measurement point A set of rail expansion joints set
up two observation points for the apparent state of the structure. Video camera is
used to judge the state of the scissor fork and the squeezing of the fastener pad.

5.2 Data Collection and Transmission Subsystem

The data collection and transmission subsystem consist of two parts: a data col-
lection and transmission cabinet and a video capture and transmission cabinet.
Figure 10a shows the data collection cabinet, and Fig. 10b shows the video image
collection cabinet.

Fig. 8 Sleeper displacement monitoring

Fig. 9 Displacement sensor and its protective cover
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In order to ensure the smoothness of the live video, the broadband access is
collected into the transmission cabinet, so that the video images and data on the
scene are transmitted to the monitoring center server through the wired network for
processing and analysis.

5.3 Data Management Analysis Subsystem

The data management analysis subsystem includes a data receiving and control
command sending module, a data management module and a data analyzing
module.

The data receiving and control command sending module receives the original
data and images transmitted by the field collecting server through the wired net-
work, and the data management module converts the displacement image into a
displacement value through an image recognition algorithm [15] and converts the
digital data such as temperature into a unified format stored in the database for data
analysis module. The data analysis module analyzes and processes the monitoring
data in the database and realizes the functions of data query, output and data
comparative analysis through the management information system. At the same
time, the system can also generate the daily monitoring daily reports automatically.
By comparing with the early warning value, the maintenance department can
understand the service status of the rail expansion joints in real time.

In addition, the data management analysis subsystem can also control the
movement of the live camera by sending camera control commands to achieve
online monitoring of the apparent state of the track structure of the rail telescopic
regulator. Figure 11 shows the system video monitoring interface.

(a) Data collection cabinet (b) Video image 
collection cabinet

Fig. 10 Collection
transmission equipment
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6 Data Analysis and Defect Detection

6.1 Monitoring Data Analysis

Figure 12 illustrates the expansion displacement of stock rails on both sides of
Beijing-Fuzhou Tongling Yangtze River Rail-cum-Road Bridge from July 2017 to
June 2018. As can be seen from Fig. 12a, the amount of expansion displacement of
the left and right stock rails of the upper line is basically the same, with the
maximum daily expansion displacement of 170.2 mm in summer, 277.2 mm in
winter and 447.4 mm in the whole year. It can be seen from Fig. 12b that the
expansion displacement difference between the left and right stock rails of the upper
line is between 0 and 4.0 mm, less than the early warning value of 5 mm.

Figure 13 shows the beam end value of Beijing-Fuzhou Tongling Yangtze River
Rail-cum-Road Bridge from July 2017 to June 2018. As can be seen from the
figure, the width of the beam end is 485.6 mm in summer and 856.2 mm in winter,
and the annual change of the beam end expansion is 370.6 mm. The variation trend
of stock rail expansion is the same as that of the beam end expansion.

6.2 Defect Detection

On July 23, 2017, the monitoring system found that the pad of the field fastener
escaped, resulting in the extrusion of the fastener spacer of the stock rail during the
expansion process. After finding the above situation, the works department adjusted

Fig. 11 System video monitoring interface
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the fastener pad timely. Figure 14 shows the process of the stock rail expansion
extruding the fastener pad.

7 Conclusion

This paper focuses on the rail expansion joints of the Beijing-Fuzhou Tongling
Yangtze River Rail-cum-Road Bridge, investigating the long-term monitoring
technology of the rail expansion joints. The main conclusions are as follows:

(1) The monitoring contents of the rail expansion joints of ballast track include
temperature (air temperature, rail temperature and bridge temperature), track
expansion displacement, track sleeper spacing and deformation, bridge beam
end joint value, structural apparent state, etc.
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Fig. 13 Beam end value of Beijing-Fuzhou Tongling Yangtze River Rail-cum-Road Bridge from
July 2017 to June 2018

(a) Before extrusion (b) After extrusion 

Fig. 14 The stock rail expansion extruding fastener pad

Monitoring Technology of Ballast Track in Rail … 557



(2) The non-contact image recognition method can realize the measurement of the
rail expansion displacement and the sleeper spacing with a measurement
accuracy of 0.1 mm.

(3) The real-time monitoring system of rail expansion joint has achieved automatic
collection, transmission, storage and analysis of monitoring data, automatic
generation of monitoring reports and timely detection of abnormal conditions in
the field.

(4) The amount of expansion displacement of the left and right stock rails of the
upper line is basically the same, with the maximum daily expansion dis-
placement of 170.2 mm in summer, 277.2 mm in winter and 447.4 mm in the
whole year. The expansion displacement difference between the left and right
stock rails of the upper line is between 0 and 4.0 mm, less than the early
warning value of 5 mm.

(5) The width of the bridge beam end is 485.6 mm in summer, 856.2 mm in
winter, and the annual change of the beam end expansion is 370.6 mm. The
variation trend of stock rail expansion is the same as that of the beam end
expansion.
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Effect of Irregular Shape and Cyclic
Loading Frequency on the Dynamic
Behavior of Railway Ballast

Junhua Xiao, De Zhang and Xiao Zhang

Abstract Higher speed in existing railway transportation is underlying growth in
demand and the meso-mechanical properties of ballast under high-frequency
loading. The complex geometry of ballast has influences on their dynamic behavior
inevitably. Thus, a numerical polyhedral discrete model based on real irregular
shape of ballast triaxial test was established to investigate the combined effect of
shape and frequency on the dynamic behavior of ballast. Experimental results of
large-scale triaxial tests were used to determine and verify the meso-parameters
of the discrete-element model. With same axle load and confinement, three cases of
different ballast shapes (i.e., quasi-spherical, elongated and flat, respectively) under
different load frequency f (2.4, 5, 10 and 30 Hz) were discussed. Results obtained
from models show that the irregular shape has a significant influence on the
accumulated deformation of grains. Although the gradation of three specimens was
similar, their dynamic response had obvious differences. Contact forces between
loading plate and ballast of varied shapes were almost the same, but the increasing
load frequency can make the accumulative deformation of the ballast sample to
continue growing.
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1 Introduction

The ballast bed is an important part of the train track, which contributes key
function in preserving the safety and comfort for the railway, and diffuses the
dynamic loading of the train to maintain the long-term dynamic stability of the
subgrade structure. However, due to the high-frequency and high-amplitude railway
loading, some ballast beds generate deformation in plasticity or are deteriorated,
and some even fouled. This not only requires more track maintenance work but also
reduces the safety of the train operation. Therefore, a study on the deformation and
deterioration characteristics of the ballast under cyclic loading is helpful for
knowing the mechanism of above process.

Since ballast particles have complex irregular shapes, random interaction and
crushability, much research has been revealed to give methods for describing ballast
characteristics. Based on cyclic triaxial testing, Suiker et al. [1] studied the accu-
mulative deformation characteristic of ballast, proving that cyclic loading can
improve the shear strength and the stiffness of ballast. Sun and Indraratna [2] found
that, under different loading frequencies, the modes of ballast samples’ cumulative
plastic deformation could be classified into several theoretical models. Meanwhile,
some researches based on numerical simulation also supported many insights of it.
For instance, Lu and Mcdowell [3] simulated ballast particle with unbreakable
clump element in a simple arrangement, and studied their mechanical characteristics
in triaxial tests numerical model. Indraranta et al. [4, 5] added the image analysis
method for improving the description of irregular shape of a particle. Considering
the crushability of ballast, Jan [6, 7] proposed polyhedrons algorithm to rebuild
crushed ballast and revealed the effect of irregular shape on the compression
characteristics. Nuora [8, 9] employed proper orthogonal decomposition
(POD) technique [10, 11] to gather statistics of edges, faces and vertex of ballast
particles.

However, the influence of particle shape accompanied by frequency did not
attract much attention in the above researches. Therefore, in this paper, a method for
restructuring actual irregular shapes and crushing characteristics of ballast was
proposed. On this base, large-scale laboratory static and cyclic triaxial testing was
built by discrete-element numerical method. Three typical shapes of ballast (i.e.,
quasi-spherical, elongated and flat, respectively) and varied frequency f (2.4, 5, 10
and 30 Hz) were considered in the simulation, and the relationship between
dynamic deformation and sample shapes and loading frequencies was discussed in
time domain and frequency domain.
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2 Irregular-Shaped Particles and Contact Between
Polyhedrons

2.1 Irregular-Shaped Polyhedral Particles

A subroutine with a random process is used to create ballast shape. This method is
proposed by Jan [6] inspired by Asahina and Bolander [12, 13] and is based on
Voronoi tessellation. It is shown in Fig. 1. Initially, the central nucleus (red dot)
C0 = (0.5, 0.5, 0.5) is fixed in a volume 1 � 1 � 1 units cubic box and other 29
nuclei (black dots) are placed with random well-distributed coordinates. Voronoi
tessellation is performed, and Voronoi cell with central nucleus C0 is extracted as a
basic particle shape.

The vertices vi = (vix, viy, viz) of lengths along three direction axes can be cal-
culated by basic Voronoi cell. It can be further rescaled in all three directions by
factor s = (sx, sy, sz) to achieve the required size of real ballast, and the final
polyhedral particle is also randomly rotated to avoid directional bias. The aspect
ratio is defined by Jan [6] which equals to the ratio of scaling factors (sx/sy/sz).
Three typical shapes of polyhedrons can be divided by aspect ratio in Fig. 2: (1) a
quasi-spherical with an aspect ratio (1:1:1); (2) an elongated case with an aspect
ratio (2:1:1); and (3) a flat case with an aspect ratio (2:2:1). This paper attempts to
find the effect of these three irregular shapes on the dynamic behavior of railway
ballast using these three typical cases.

Fig. 1 Particle creation by
extraction of Voronoi cell
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2.2 Contact Between Polyhedrons

In the numerical model of polyhedrons, particles are absolutely rigid and they are
allowed to be penetrated. When two particles come into contact, the normal force
Fn is linearly proportional to the intersecting volume VI and the shear force Fs,
caused by the additional shear displacement increment Dus, is calculated by an
incremental algorithm.

Fnj j ¼ VIkn ð1Þ

DFs ¼ Dusks ð2Þ

where kn and ks are volumetric stiffness and shear stiffness of the material,
respectively. The normal force acts at the centroid of the intersection. As the kn is a
constant, the normal force requires calculation of overlapping volume. The
approach proposed by Muller [14] is used to find the exact intersection of convex
polyhedrons. Moreover, standard Coulomb friction is also applied as:

Fsj j � Fnj j tanu ð3Þ

where coefficient u is the internal friction angle.

Front View Side View Vertical 
View

Quasi-spherical, aspect ratio=1:1:1

Elongated, aspect ratio=2:1:1

Flat, aspect ratio=2:2:1

Fig. 2 Three typical shape polyhedrons are shown in front, side and vertical view
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3 Simulation of Triaxial Test and Experimental
Verification

A numerical triaxial test model for irregularly shaped ballast is generated by ran-
domly shaped polyhedrons. And the large triaxial test was carried out for ballast
samples, and the test results were used to calibrate the simulation results of
numerical models, ensuring the meso-mechanical parameters of the numerical
model to be reasonable.

3.1 The Numerical Model of Polyhedral Particle
Triaxial Test

A DEM/FEM coupling model was built for polyhedral particle triaxial test. First, 24
segment facets were put around the sample as the fixed boundary and the samplemade
up by polyhedral ballast was 300 mm diameter and 600 mm height in DEM. Particles
were divided into six layers to generate. Each layer was compacted to reach 160 kPa
strength with the facet boundary fixed. Then, the rubber membrane was simulated in
FEM for applying confining pressure by adding force on nodes. The coupling
between DEM and FEMwas realized by the information exchange of the force in and
the displacement. The particle forces in DEM were extracted as the boundary con-
dition of force in FEM, and meanwhile, the displacements of elements in FEM were
extracted as the boundary condition of displacement in DEM. After compaction, the
sample was applied a static or dynamic load by moving the loading plate. Figure 3
shows the successfully built coupling numerical model for triaxial test.

Fig. 3 Triaxial testing model of polyhedral ballast
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3.2 The Experiment of Large-Scale Triaxial Testing

The GCTS large-scale triaxial apparatus is used in the tests. The axial load is
controlled by the electronic-hydraulic close-loop system whose loading frequency
is up to 10 Hz, and the confining pressure is controlled through a pressure booster
system. The triaxial pressure is measured by axial load cells and the confining
pressure sensors. The apparatus is equipped with the LVDT linear displacement
transducer mounted on the top of the samples to monitor the axial strain, and the
volumetric strain is observed by measuring the volumetric change of the water
inside the triaxial chamber. Data monitoring and processing is controlled by a
computer in real time. The testing equipment and triaxial sample are shown in
Fig. 4.

The ballast sample used in this testing was granite. The height of the sample was
600 mm, and the diameter was 300 mm. The grading and preparation work of
experimental sample was given a detailed account in the paper [15]. After the
sample is established, the uniform static loading speed is 3 mm/min (i.e., 0.5%
height of the sample per minute) according to Code for Soil Test of Railway
Engineering (TB 10102-2010) [16], and the confining pressure was 60 kPa. The
static loading testing was stopped when the axial strain of the sample reached 10%.

3.3 Parameters of the Numerical Model and Verification

The parameter values of the numerical model were obtained based on iterative
adjustment through the experimental results, and hyperelastic material was used for

Fig. 4 Large diameter triaxial testing instrument and sample
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simulating the rubber membrane, as shown in Table 1. Using these parameters, the
stress–strain relationships of ballast samples under static loading were, respectively,
simulated with the confining pressure of 60 kPa, and the simulation results were
compared with the experimental results, as shown in Figs. 5 and 6.

4 Effect of Irregular Shapes on the Dynamic Behavior
of Ballast

Based on the calibrated numerical model of polyhedral ballast particles, a series of
triaxial test simulations of three typical ballast shapes (i.e., quasi-spherical, elon-
gated and flat, respectively) were implemented. Samples with a desired porosity
were generated in a volume with 300 mm diameter and 600 mm height as men-
tioned above. Although the particles in every sample have different typical shapes,
the same gradation is used with particle diameter ranged from 16 to 50 mm. All

Table 1 Meso-structural parameters of polyhedral ballast and parameters of rubber membrane

Particle density (kg/m3) 2680

Friction coefficient between particles, and the wall 0.65

Normal and tangential contact stiffness of particles (N/m) 2.78 � 109

Stiffness of wall (rubber membrane in DEM) (N/m) 2.4 � 107

Stiffness of wall on top (head) and bottom (N/m) 2.78 � 1010

Damping ratio 0.3

Bulk modulus of rubber membrane in FEM (Pa) 1.0 � 107

Shear modulus of rubber membrane in FEM (Pa) 3.06 � 106
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Fig. 5 Curves of deviatoric
stress versus axial strain of
samples
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samples were isotropically compressed with a confining pressure of 60 kPa and
sinusoidal axial loading with deviator stress ranged from 130 kPa to 400 kPa, and
loading frequency, f, equal to 2.5 Hz, 5 Hz, 10 Hz and 30 Hz, respectively.

Figure 7 shows the calculation results for accumulative deformation of three
shapes ballast under 5 Hz frequency axial loading. As shown in Fig. 7, the accu-
mulative axial strains of three shapes were close, all below 2%. The flat shape
ballast showed the lowest deformation but the largest vibration displacement among
three shapes. The quasi-spherical shape ballast had the maximum axial strain which
may be caused by their higher porosity than the other two shapes. It was to be
observed that the elongated shape ballast performed the small vibration displace-
ment as quasi-spherical and moderate cumulative axial strain among three shapes.
Therefore, reasonable control of shape features may result in less instantaneous
dynamic vibration and cumulative long-term deformation.

The deviator stress versus axial strain and axial strain versus time curves of
quasi-spherical shape ballast under sinusoidal axial loading with 2.4, 5, 10 and
30 Hz frequencies are shown in Fig. 8. There are nonlinear relationships between
loading frequency and instantaneous vibration displacement, and so was cumulative
deformation of ballast shown in Fig. 8.

With the increase in frequency from 2.4 to 30 Hz, the amplitude of instantaneous
vibration displacement decreased except the situation that the loading frequency is
5 Hz. Figure 8b shows that the vibrating amplitude is largest in the case of 5 Hz.
However, the accumulative deformation of the sample under 5 Hz dynamic loading
was least. The results implied that loading frequency had a great influence on the
deformation of irregularly shaped samples. Thus, in order to find out the interre-
lationship between loading frequency and typical particle shape, a sinusoidal axial
loading with frequency components of 2.4, 5, 10 and 30 Hz was applied on three
typical shaped samples:
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F ¼ 265þ 50� sin 4:8p� tð Þþ 50� sin 10p� tð Þ
þ 50� sin 20p� tð Þþ 50� sin 60p� tð Þ kPa ð3Þ

Monitoring the dynamic deformation of three typical shaped samples, respec-
tively, and the vibration spectrum in the frequency domain is shown in Fig. 9.
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The first three order main frequencies for quasi-spherical shape ballast were
2.23, 4.64 and 9.29 Hz; it could illustrate the cause of quasi-spherical shaped
sample performing severe vibration at the loading of 5 Hz frequency. As shown in
Fig. 9, three typical shaped samples had different main frequencies: the peak energy
for elongated shape sample was 1.64, 3.40 and 6.81 Hz, and the first three order
main frequencies of flat shape sample were 1.45, 3.0 and 6.03 Hz. The first three
order main frequencies of elongated and flat shape sample were lower than the
quasi-spherical shape sample. Therefore, even keeping the gradation unchanged,
the variation of shapes can also lead the alteration of sample dynamic behavior.

5 Conclusion

(1) A triaxial model made of irregular polyhedrons was established and validated
by large-scale triaxial testing. A series of triaxial test simulations of three
typical ballast shapes (i.e., quasi-spherical, elongated and flat, respectively)
were implemented under sinusoidal axial loading with 2.4, 5, 10 and 30 Hz
frequencies to study the effect of irregular shape on the dynamic behavior of
ballast in this paper.
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(2) During triaxial compression, three typical shaped samples showed close
cumulative deformation, but quasi-spherical shape ballast possessed the least
instantaneous amplitude of vibration. Under different loading frequencies (i.e.,
2.4, 5, 10 and 30 Hz, respectively), the vibration amplitude of quasi-spherical
shape ballast became largest at 5 Hz.

(3) Three typical shaped samples had different main frequencies under dynamic
cyclic loading. The first three order main frequencies of quasi-spherical shape
sample were higher than the other two shapes sample. The dynamic behavior of
ballast with fixed gradation could change with particle shapes.
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Numerical Investigation of Vibrational
Acceleration Level for a Ballasted
Railway Track During Train Passage
in Seasonally Frozen Regions

Shuang Tian, Shanzhen Li, Liang Tang, Xianzhang Ling
and Xiangxun Kong

Abstract This research is aimed at developing a practical method for estimating the
vertical acceleration of a ballasted railway track bed subjected to trainload in sea-
sonally frozen regions. For this purpose, an indirect thermal-dynamic coupled
two-dimensional (2D) finite element (FE) modeling was developed to simulate the
thermal and dynamic responses ofHarbin–Qiqihar Railway (HQR). Results show that
peak values of vibrational acceleration level increase with train speed and axle load
increase, but decrease with elastic and height of ballast increase. Taking the effects of
the factors mentioned above, two fitting formulae were formulated to estimate
vibrational acceleration level of the embankment with an attenuation coefficient,
which can be used to describe the attenuation characteristics of ground vibration. In
this way, the numerical model and results can be used as a reference for design,
maintenance, and research on other embankments in seasonally frozen regions.

Keywords Finite element analysis � Ballasted railway � Dynamic response �
Empirical equation � Seasonally frozen region

1 Introduction

The railway transportation in China boomed during the first decade of the
twenty-first century. The mileage of national commercial railway in China has been
more than 130,000 km by the end of 2018, and China has become the country with
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the largest network of railways in the world. With the rapid economic development,
faster and heavier trains were put into service in seasonally frozen regions of China.
However, as a lack of re-engineering, the current railway’s embankment or sub-
structures have become increasingly overloaded. Very high levels of vertical
acceleration have been observed at some locations within the seasonally frozen
regions, which can seriously affect the safety of the operation and human body
comfort [1, 2]. Therefore, a study on train-induced vertical acceleration charac-
teristics of embankment constructed on seasonally frozen regions, as one of the
favorite areas of studies, has attracted great attention recently.

The general method used to study the vertical acceleration of embankment is a
numerical simulation, and a number of numerical models have been put forward to
study the dynamic characteristics of the railway’s embankment [3–7]. Sheng et al.
[8] used an infinite layered beam to simulate the track and a layered half-space to
model the soil. These numerical methods were then developed to adapt to study the
vehicle-track interaction [9, 10]. Bian and Chen [11], Hall [12], O’Brien and Rizos
[13], Zhai and Song [14] as well as Ai et al. [15] applied train-induced loads to the
numerical model which comprised of rail, subgrade, and field. The effects of axle
load, and train speed, etc., on the vertical acceleration could then be studied.
However, despite the large amount of attention given to the numerical modeling of
rail tracks for the past few decades, the nonlinear behavior of the soil has been
rarely simulated [16, 17].

On the other hand, the seasonally frozen soil is very sensitive to temperature
changes, as physical and mechanical characteristics are inherently unstable and their
properties are varied with the temperature [18]. In order to solve the problems
caused by seasonally frozen soil, a considerate number of research have been
carried out since the last century. What have attracted the most attention is the
global railway problems in permafrost field, especially for relevant studies on the
vertical acceleration of permafrost subgrade structure and numerical calculation of
geothermal field in the past decades [19–30]. These researches have important
significance for rational cognition of vertical acceleration characteristics of the
embankment at permafrost site, and moreover for the dynamic stability evaluation
on the long-term operation of permafrost railway, but few types of research are
available on the vertical acceleration of seasonally frozen embankment under
combined actions of trainload, as well as their seasonal variations.

The purpose of this study is to develop a thermal-dynamic indirect coupled
model for railway’s embankment constructed in seasonally frozen regions based on
the theories of heat transfer and soil dynamics. Taking a section of HQR as an
example, the temperature and vertical acceleration of embankment in freezing and
normal period (i.e., 15 January and 15 July, respectively) is then simulated by this
model. A parametric study is focused on these four aspects: train speed, axle load,
elastic modulus, and height of ballast. Finally, two fitting formulations are proposed
and validated to estimate vibrational acceleration level in freezing and normal
period, respectively. Some useful conclusions could provide theoretical basis and
reference to design, maintenance, and research on the subgrade engineering in
seasonally frozen regions.
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2 Governing Equations and Numerical Methods

2.1 Equations of Temperature Field

In seasonally frozen regions, the railway’s embankment always experiences
freeze-thaw cycles with phase change periodically. Therefore, the problem to be
solved becomes a nonlinear problem of heat transfer with phase change. Sensible
heat capacity method is used during the process of heat transfer [31], and the
convection is assumed to be neglected, while ice-water phase change process is
included in the heat transport equation, which can be expressed as follows:

Frozen zone:

qf cf
@T
@t

¼ @

@x
kf

@T
@x

� �
þ @

@y
kf

@T
@y

� �
ð1Þ

Unfrozen zone:

qucu
@T
@t

¼ @

@x
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@T
@x
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@y
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@y

� �
ð2Þ

Phase change zone:
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Replacing volumetric ice content in the phase change zone by volumetric water
content leads to:

�qiLw
@hi
@t

¼ qwLw
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@t

¼ qwLw
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@t
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Substituting Eq. (4) into Eq. (3) gives:
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Merging Eqs. (1), (2), and (5) results in:

C� @T
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¼ @

@x
k�
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� �
þ @

@y
k�

@T
@y

� �
ð6Þ

where T is temperature; x and y are the coordinate positions; t is time; k* and C*

stands for equivalent thermal conductivity and specific heat capacity of the soil,
respectively. The ice-water phase change process takes place when soil temperature
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falls below the freezing temperature, Tu. It should be noted that there is a tem-
perature Tf below which the phase change is negligible [32]. Therefore, phase
change process occurs only when the temperature falls in the range of [Tf, Tu].
A stepwise function can be then used to compute the equivalent thermal conduc-
tivity and specific heat capacity of the soil:

C� ¼
qcf T � Tf
q cu þ cfð Þ

2 þ qL
Tu�Tf

Tf\T\Tu
qcu T � Tu

8<
: ð7Þ

k� ¼
kf T � Tf
kf þ ku�kf

Tu�Tf
T � Tf
� �

Tf\T\Tu
ku T � Tu

8<
: ð8Þ

where, subscripts f and u denote the frozen and unfrozen states, respectively; k,
c and q are the thermal conductivity, the specific heat capacity and dry density,
respectively; and L is the latent heat. It should be noted that the constant density is
assumed in a different state for simplicity.

2.2 Transient Dynamic Equations

In the current study, the numerical formulae of transient dynamic equations can be
obtained by Galerkin method, and the Newmark implicit method is adopted due to
its unconditional stability. Generally, the equation of a dynamic system can be
written as:

M€uþC _uþKu ¼ F tð Þ ð9Þ

where M is mass of the system, C is damping coefficient, K is stiffness of the
system, and €u, _u and u = displacement, velocity, and acceleration, respectively.

3 Engineering Cases

3.1 Description of Harbin–Qiqihar Railway

According to engineering geological investigations in northeast China, the maxi-
mum frozen depth was about 2 m in the last decade, and a frozen layer existed for
5–6 months every year [1]. The research site is situated at Anda City where the soil
layers are evenly distributed (Fig. 1). Figure 2 shows a typical embankment section
DK124 + 118 along the HQR line.
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Fig. 1 Monitoring site at Harbin–Qiqihar railway in northeast China

Fig. 2 Cross-section view of a typical train-track-ground system at Harbin–Qiqihar railway
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3.2 Numerical Simulation on Temperature Characteristics
of Embankment

Computational Model and Parameters Figure 3 shows the 2D heat conduction
analysis model. There are base course materials, silty clay, and weathered mudstone
in the computational domain. The analysis domain extends 30 m from the toe of the
embankment and 30 m below natural surface.

According to climate prediction and long-term in situ monitoring of HQR, the
thermal boundary conditions, in terms of the temperatures at the surfaces ABCDEF
(Fig. 2), can be expressed as follows:

Tn ¼ Ta þ DT
365

tþA sin
2pt
365

þ a0

� �
þDTF ð10Þ

where Ta is the embankment or ground surface mean temperature, the data in the
test section is 4.2 °C. DT represents the climate warming effect, it is 0.04 °C in the
northeast China; t is time (day); A is the temperature amplitude of the surface,
which is 18 °C at natural ground surface, 20 °C at embankment surface and slope;
a0 is the initial phase angle, which equals to p/2 in the current study; DTF is 2.0 °C
for the natural ground surface, and 3.0 °C for the embankment surface and slope for
incremental of adherent layer. It should be noted that sunny-shading slope effect has
not been taken into consideration for simplicity.

Fig. 3 Two-dimensional FE modeling for temperature field analysis
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The lateral boundaries AH and FG are assumed to be adiabatic:

@T
@n

¼ 0 ð11Þ

On the bottom of the foundation GH:

T ¼ T0 ð12Þ

where T0 is a constant temperature in the deepest depth of the physical domain and
is set to 6.0 °C in the simulation [33].

As discussed previously, the phase change was defined to occur over a tem-
perature range of—0.5 to 0 °C. This transient heat transfer was simulated in
ABAQUS with four-node linear heat transfer quadrilateral elements (DC2D4). The
simulation was carried out for a period of 12 years with the largest time step limited
to 1 day.

Inverse Analysis The ground temperature data resulting from a field test may be
used together with a numerical model to determine appropriate values of the
parameters necessary for characterization of the thermal properties of the materials
used under the railway line. To achieve this, estimated values of parameters of
materials are used initially in the model, and the resulting temperature in the model
is compared with those obtained in the field at selected locations. The parameters of
materials of the model are varied iteratively until the temperature determined from
the model match closely those obtained in the field. This process is known as
inverse, or back, analysis [34].

Using initial estimated values of parameters of materials, the temperature at the
sensors was computed and compared with the field data [35]. Subsequently, the
base values of thermal parameters were adjusted by trial and error until a measure of
the difference between the calculated and measured temperature readings was
agreed upon. Thermal parameters of materials adopted in this study are listed in
Table 1, where the data for similar materials reported by Wang [36] are also given
for comparison.

Temperature Analysis Results Figure 4 shows a comparison between computed
and measured data from a test section which is constructed since 2012 in the
northeast China at depths of 0.207, 1.036, 2.071 and 2.9 m. The maximum dis-
crepancy is 3.6 °C at depths of 0.2 m, which may be caused by the idealized
boundary conditions adopted in the numerical model instead of complex and
variable weather factors on the actual railway. It can be seen that the embankment
temperatures at T3 (0.207 m) fluctuated more obviously than the computed,
because at the surface of the embankment the behavior may be influenced more
severely by the weather. Similarly, this phenomenon is also reflected in Fig. 5,
which gives the seasonal freeze-thaw process curves at the centerline of the
embankment. In this figure, the maximum deviation of computed frost penetration
from observed data is 0.20 m. It can be concluded that the difference between the
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computation results and measured data was small, and which could be negligible.
Therefore, the theoretical model can describe the state temperature distribution in
the embankment fairly well and accurately. The embankment starts to freeze in
early November and ends in mid- or late March under the climate warming con-
ditions. In addition, the thawing features with the two-way thaw which result in the
freezing process are slower than the thawing one.

The effect of climate, as represented by air temperature, causes the ground
surface temperature to vary cyclically from year to year. Construction embankment
over natural terrain changes the surface thermal characteristics, however, it will
reach a new thermal equilibrium state very soon (about 2 years) according to the
computed results as shown in Fig. 6. For this reason, we will focus on analyzing
numerical results on the 10th service year. Furthermore, according to monitoring
results of air and ground temperature in HQR, freezing period (15 January) and
normal period (15 July) which was the coldest and hottest times of the years was
adopted.

Figure 7a, b sketches the temperature contours of the embankment at two typical
periods after 10 years of the construction, respectively. From Fig. 7a, freezing is
one-way quick freezing from top of the embankment. When air temperature reaches
zero, ground temperatures will increase with depth by an amount which is
dependent on the local geothermal gradient and the mean annual ground temper-
ature until it reaches 6 °C at a depth of 15 m. With ground surface temperature
rising, the frozen area will disappear gradually until air temperature reaches its
maximum level on 15 July (Fig. 7b). In conclusion, due to different air temperature

20
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T3 T4
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Fig. 4 Temperature variation of embankment at M3, M4, M5 and M6 from Nov. 13, 2012 to Apr.
12, 2013
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conditions during two typical periods, the temperature distributions of embankment
and ground are different, thus the transient responses of the embankment will be
certainly different because of the temperature dependency of the mechanical
properties.

Freezing period Thawing period
0.0

Embankment surface

0.5

1.0

1.5

2.0

0 ºC isotherm

Computed 
Measured

Maximum depth
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Fig. 5 Frost penetration evolutions at the centerline of embankment
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Fig. 6 Temperature time histories of embankment at T2 and T3 in the future 12 years after the
completion of embankment construction
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3.3 Numerical Simulation on Vertical Acceleration
Characteristics of Embankment

Boundary and Initial Conditions A 2D FE modeling for analysis on the dynamic
response characteristics of the system is presented in Fig. 8. It shows that the
horizontal and vertical direction is 84.2 m and 33.4 m, respectively. The ballast,
embankment and ground are simulated by plane quadrilateral element, and the
sleeper is simulated by eight beam elements. Due to the railway line which has
semi-infinite characteristic, the plane strain assumption is adopted to carry out the
simulation. As shown in Fig. 8, the infinite element boundary is used to diminish
the boundary condition effects. Meanwhile, the temperature analysis results at two
different periods were taken as the initial conditions.

(a) Freezing period (15th January) 

(b) Normal period (15th July)

Fig. 7 Temperature contours of the system in the 10th year after the completion of embankment
construction (Unit: °C)
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Train Loading The coupling calculation of the train-track system requires dealing
with the iteration convergence of the two subsystems, which will be very com-
plicated and time-consuming [37]. Therefore, the train loading was calculated first
in this study and then applied on the rail supporting nodes of sleeper beam elements
(Fig. 8).

In order to derive train loading, a series of moving axle loads can be obtained
according to the train geometry in Fig. 9. Accordingly, the successive axle loads
can be expressed as a periodic function f(t) with a period equal to t4 [38]:

f tð Þ ¼
F 0� t� t1
0 t1 � t� t2
F t2 � t� t3
0 t3 � t� t4

8>><
>>:

ð13Þ

For the sake of simplicity, f(t) is supposed as a sufficiently smooth function,
which can be then transformed by Fourier function which is composed of a series of
sines and cosines.

f tð Þ ¼ a0 þ
X1
n¼1

an cos
2npt
T

� �
þ bn sin

2npt
T

� �� �
ð14Þ

where a0, an and bn are Fourier series coefficient. On this basis, train loading can be
calculated if a0, an and bn are determined. It should be noted that the principal
frequencies in Eq. (14) are from 0 to ∞. However, according to Hamid et al. [38],

S1(-2.5,0)
S2(-2.5,1.4) 
S3(-2.5,2.9) 
S4(-5.6,0) 
S5(-7.6,0.8) 
S6(-9.8,2.5) 
S7(-12,2.9)

o x Train load 2 1
Sleeper (beam element)

y
S4

S5

S6

S1

S2 
S3

o

3 4

Infinite element

S7

Fig. 8 Two-dimensional FE modeling for acceleration analysis
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the frequency range from 0 to 25 Hz is enough to calculate the train loading
accurately. As presented in Fig. 9, the train loading caused by a moving train with
the speed of 140 km/h is calculated based on the above-described method.

Equivalent Linear Model In this study, an equivalent linear model is adopted to
consider the nonlinear of the base course materials. This is because train-induced
displacements can achieve a high level, which has been proved by previous studies
[39]. The equivalent linear model can be used to represent hysteretic behavior with
a decreasing secant shear modulus and an increasing damping ratio. Figure 10 plots
the modulus reduction and damping increase curves for base course materials based
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Fig. 9 Schematic of train wagons and train dynamic load
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on dynamic triaxial laboratory tests [40, 41]. By using these curves, dynamic shear
modulus and damping ratio can be predicted as following empirical expressions:

Gd ¼ 594:03 1þ cd=�cdrð Þ�cð Þ�1
�cgGTgGr ð15Þ

k ¼ 0:137 1þ cd=�cdrð Þ�cð Þ�1
�c

� 	�1:749
gkTgkr ð16Þ
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where �cdr and �c are normalized model parameters and are equal to 0.0023, 6.429,
respectively; ηGT, ηGr, ηkT, and ηkr are the modified coefficients of modulus and
damping ration with respected to temperature and confining pressure, respectively.
Fitting the test results gives:

gGT ¼ �0:0013T3 � 0:035T2 � 0:3T þ 0:15

gGr ¼ 0:22r23 þ 0:12r3 þ 0:88

gkT ¼ 0:0006T3 þ 0:02T2 þ 0:2T þ 1:65

gkr ¼ �0:07r23 þ 0:33rþ 0:85

ð17Þ

where T (temperature) and r3 (confining pressures) are from the results of tem-
perature field analysis discussed above and the initial state of the geostatic analysis,
respectively; Here, a user subroutine UMAT of ABAQUS is adapted to complete
the numerical implementation of the equivalent linear model.

Meanwhile, in order to simulate the sleepers, ballast, silty clay and weathered
mudstone for simplicity, all of them were considered as linear elastic materials and
its parameters considered for this model are summarized in Table 2 [36].

FE Model Validation The field test results collected in Anda City along HQR by
Ling et al. [1] were used to validate the model performance. As shown in Fig. 11,
computed soil response has a high correlation of vertical acceleration with the
measured results. It can be seen that the response to the passage of each wheel-set,
which is similar in timing, shape, and magnitude. Figure 12 displays the attenuation
of peak vertical acceleration with distance from the track. Once again, similar
results were obtained between the magnitudes and gradients of computed and
measured data. Therefore, the numerical model adopted in the present study is able
to simulate peak vertical acceleration effectively.

3.4 Parametric Studies

As above-mentioned, the vertical acceleration analysis is conducted under different
elastic modulus of ballast, train speed, axle load, and height of ballast, respectively,
based on the 2D FE modeling as shown in Table 3. The influencing factors of the

Table 2 Mechanical parameters of sleeper, ballast, and ground

Materials Density,
q (kg/m3)

Elastic modulus,
Ee (MPa)

Poisson’s ratio, t

Sleeper 2500 30,000 0.18

Ballast 2100 286 0.25

Base course material 2185 – 0.3

Silty clay Frozen 1630 135.2 0.28

Unfrozen 1630 25.4 0.32

Weathered mudstone 1800 901.8 0.29
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train-induced vertical acceleration of a ballasted railway track in seasonally frozen
regions are analyzed in detail.

Variation of PPA with Different Factors The vehicle and track parameters
generally play a significant role in a ballasted railway track. The calculating results
have been plotted in Fig. 13 to study the influencing factors. It can be concluded
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that (i) vertical accelerations increase with train speed and axle load increase,
(ii) vertical accelerations decrease with elastic modulus and height of ballast
increase. However, the effect of train speed increment is gradual until values of the
train speed greater than about 300 km/h are reached, after which the acceleration
curves tend to be stable. The variation of the accelerations with increasing axle load
is approximately linear in all cases. Apparently, the peak vertical acceleration is not
greatly impacted by the elastic modulus and height of the ballast (Fig. 13a, b).

Figure 13 shows that peak vertical acceleration of freezing period is greater than
that of thawing period, which is also demonstrated by Ling et al. [1]. This is
possibly attributed to the frozen upper layer occurred in winter, which caused an
amplifying effect on the vertical vibration. Due to the existence of the frozen layer,
the soil stiffness and damping ratio are increased and decreased, respectively.
Therefore, the dynamic response in the vertical direction has been increased.

Variation of Vibrational Acceleration Level with Different Factors The com-
fort for people on the ground is influenced by the ground vibration induced by train
passage. In this study, a vibrational acceleration level (La), which is calculated with
Eq. (18), is utilized:

La ¼ 20 lg a=arefð Þ ð18Þ

where the referred acceleration aref= 10−5 m/s2.
Figure 14 shows the vibrational acceleration level versus different influencing

factors. It can be seen that the vibrational acceleration level at different experimental
conditions shows the similar relationship.

Therefore, power functions which are obtained by fitting curve are proposed to
describe the effect of vehicle and track parameters on vibrational acceleration level:

Lfa;modulus ¼ 111:3E�0:004
e ; R2 ¼ 0:9975 ð19aÞ

Table 3 Summaries for parametric studies

Young’s modulus of
ballast, Ee (MPa)

Train speed, v (km/h) Axle load,
q (kN)

Height of
ballast,
H (m)

Case 1–5 280, 480, 680,
880, 1080

200 170 0.45

Case 6–14 80 15, 80, 120, 160, 200,
250, 300, 350, 400

170 0.45

Case 15–19 80 200 145, 190,
225, 250,
300

0.45

Case 20–23 80 200 170 0.35, 0.55,
0.65, 0.75
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Lua;modulus ¼ 108:5E�0:002
e ; R2 ¼ 0:9912 ð19bÞ

Lfa;speed ¼ 61:24v0:11; R2 ¼ 0:967 ð20aÞ

Lua;speed ¼ 61:15v0:10; R2 ¼ 0:9672 ð20bÞ

Lfa;axle ¼ 84:56q0:09; R2 ¼ 0:9749 ð21aÞ

Lua;axle ¼ 85:45q0:08; R2 ¼ 1 ð21bÞ

Lfa;height ¼ 111:6H�0:003; R2 ¼ 0:8548 ð22aÞ

Lua;height ¼ 112H�0:007; R2 ¼ 0:9768 ð22bÞ
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594 S. Tian et al.



where superscripts f and u denote the frozen and unfrozen states, respectively;
La,speed, La,axle, La,modulus, and La,height are vibrational acceleration level considering
four factors, respectively, and Ee, v, q, and H present elastic modulus of ballast,
train speed, axle load, and height of ballast, respectively.

Based on the above numerical results and using the multiple regression analysis
methods, the vibrational acceleration level on the embankment surface can be
expressed as functions of train speed, axle load, elastic modulus, and height of
ballast by as follows:

Lfa ¼ 49:23v0:11q0:09E�0:004
e H�0:003 ð23aÞ

Lua ¼ 51:78v0:10q0:08E�0:002
e H�0:007 ð23bÞ

Figure 15 shows the comparisons of the vibrational acceleration level predicted
from Eq. (23) with the numerical data. It can be seen that the prediction matched
the numerical results well.

Figure 16a, b illustrates the attenuation of time-domain peak values of vibra-
tional acceleration level with increasing distance from embankment surface (S1) in
x- and y-direction, respectively. Only maximum (case 19) and minimum (case 6)
vibrational acceleration level data are drawn for concise purpose. Figure 16 shows

V
ib

ra
tio

na
la

cc
el

er
at

io
n

le
ve

l
[d

B
,r

ef
10

-5
m

/s
2 ]

110

109

108

107

106

105

Fitting curve by Eq. (19a)

Fitting curve by Eq. (19b)
Freezing period 
Normal period

120

110

100

90

80

Fitting curve by Eq. (20a)

Fitting curve by Eq. (20b)

Freezing period
Normal period

0 240 480 720 960 1200
Young's modulus of ballast (MPa)

0 100 200 300 400
Train speed (km/h)

(a) (b)

120 110

116

112

108

104

100

Fitting curve by Eq. (21a)

Fitting curve by Eq. (21b)

Freezing period 
Normal period

109

108

107

106

105

Fitting curve by Eq. (22a)

Fitting curve by Eq. (22b)

Freezing period 
Normal period

140 160 180 200 220 240 260 280 300
Axle load (kN)

0.3 0.4 0.5 0.6 0.7 0.8
Height of ballast (m)

(c) (d)

V
ib

ra
tio

na
la

cc
el

er
at

io
n

le
ve

l
[d

B
,r

ef
10

-5
m

/s
2 ]

V
ib

ra
tio

na
la

cc
el

er
at

io
n

le
ve

l
[d

B
,r

ef
10

-5
m

/s
2 ]

V
ib

ra
tio

na
l a

cc
el

er
at

io
n 

le
ve

l 
[d

B
, r

ef
 1

0-5
 m

/s
2 ]

Fig. 14 Effect of vehicle and track parameters on vibrational acceleration level: a elastic modulus
of ballast, b train speed, c axle load, and d height of ballast
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the vibrational acceleration level in the normal period is slightly lower than that in
the freezing period. The upper and lower bound of vibrational acceleration level
incorporating different seasonal variations can be expressed as the following
equations, respectively.

Luppera;depth ¼ 32:88 expð0:056hÞþ 83:11 ð24aÞ

Llowera;depth ¼ 24:47 expð0:049DÞþ 54:04 ð24bÞ

Luppera;distance ¼ 56:69 expð0:023DÞþ 22:2 ð24cÞ

Llowera;distance ¼ 45:6 expð0:035DÞþ 32:19 ð24dÞ

where superscripts upper and lower denote the upper and lower bounds, respec-
tively; La,depth and La,distance stands for x- and y-direction, respectively.

Furthermore, to describe the attenuation of vibrational acceleration level, the
attenuation coefficient η is introduced here as the ratio of the vibrational acceler-
ation level at any depth below the ballast or distance from track center to that at the
embankment surface (S1). Figures 17 and 18 present the attenuation coefficients
with soil depth from the embankment surface and distance from track center,
respectively, in different periods. The figure clearly indicates that the attenuation of
the vibrational acceleration level can be estimated reasonably for different factors
with a uniform fitting formula as the following:

gfdepth ¼ 0:25 expð0:074hÞþ 0:75 ð25aÞ

gudepth ¼ 0:29 expð0:073hÞþ 0:72 ð25bÞ
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gfdistance ¼ 0:34 expð0:066DÞþ 0:66 ð25cÞ

gudistance ¼ 0:38 expð0:075DÞþ 0:62 ð25dÞ

where superscripts f and u denote the frozen and unfrozen states, respectively; h and
D are the depth or distance from the embankment surface, respectively; subscripts
x and y stand for horizontal and vertical direction, respectively.

4 Conclusions

In this paper, an indirect thermal-dynamic coupled 2D FE modeling was described
by adopting correlative theories of heat transfer, physics and mechanics of mate-
rials. The nonlinear behavior of the embankment materials was simulated by an
equivalent linear model whose parameters changing with temperatures were taken
into account. Following, the temperature and vertical acceleration characteristics of
the embankment were analyzed systematically. The satisfactory agreement between
computed and measured results confirmed the 2D FE modeling is trustworthy,
which can be used to simulate the behavior of the railway’s embankment in the
seasonally frozen regions. The parametric studies were carried out to further ana-
lyze the vertical acceleration characteristics under various influencing factors of the
train-track-ground system. The following conclusions can be drawn:

(1) A seasonal active layer will come gradually in the embankment in the process
of its operation. In addition, the temperature characteristics of embankment
varied in two typical periods due to different air temperature conditions, which
will result in differential vertical acceleration characteristics under train loading.

(2) The effects of various factors on the vertical acceleration of embankment sur-
face are obvious, which presents an increasing tendency with the increase of
train speed and axle load, but a decreasing tendency with the elastic modulus
and height of ballast increasing. It should be noted that the effect of properties
of ballast is not obvious.

(3) Considering the four presented factors, two fitting formulae were proposed to
estimate the vibrational acceleration level on the embankment surface, as well
as its attenuation characteristics. As a preliminary study, it is expected to
provide theoretical basis and reference for design, maintenance, and study on
the embankment in seasonal frozen regions.
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Influence of Track Irregularities
in the Stress Levels of the Ballasted
and Ballastless Tracks

Ana Ramos, António Gomes Correia, Pedro Alves Costa
and Rui Calçada

Abstract The ballasted and ballastless tracks present substantial differences in
terms of the structural configuration and mechanical behaviour. In order to better
understand the foundation performance, numerical analysis of the two types of
railway track was carried out, computing the stress paths induced by the passage of
trains. In this analysis, the effects of the quasi-static and dynamic mechanisms are
taken into account in order to highlight their relevance as function of the geo-
metrical track quality for ballasted and ballastless tracks. This study pretends to
analyse the influence of the track irregularities in the response of the railway
structures (in terms of stress levels). In order to understand the effect of this factor
on the performance of the railway tracks, three ranges of wavelengths were defined,
associated with three irregularities profiles. The numerical framework adopted in
the present study is based on a 2.5D FEM-PML approach for the track-ground
simulation, while the rolling stock is modelled using a simple multi-body approach.

Keywords Numerical model � 2.5D model � Stress path � Ballasted and ballastless
tracks � Irregularities

1 Introduction

This article aims to study the stress path obtained in the foundation soil due to the
passage of a train (Alfa Pendular) considering the quasi-static and the dynamic
mechanisms. Regarding the dynamic mechanisms (which includes the train-track
interaction), this article is focused on the irregularities on the track. In this analysis,
three ranges of wavelengths are considered. Through this parametric study, the
performance of the ballasted and ballastless tracks is compared as well as the
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influence of the quasi-static and dynamic mechanisms in both structures. However,
despite the importance of all materials in the global performance of the railway
structures, this analysis is only focused on the foundation since it is the element that
is common to both structures.

The ballasted and ballastless tracks present different constitutions and materials.
In the ballastless track, the ballast and sub-ballast were replaced by the concrete
slab and support layer. In some ballastless structures, the sleepers are embedded in
the concrete slab.

In the performance of the ballasted track, the ballast has an important role in the
attenuation of the stress levels while in the ballastless track; this role is performed
by the concrete slab and support layer.

This analysis is carried out in the 2.5D FEM-PML approach, which implies the
discretization of the invariant cross-section by finite elements, while in the longi-
tudinal direction the variables time and space are transformed into the frequency
and wavenumber domain. This transformation allows obtaining, expeditiously, the
stress levels on the elements of the railway structures, which is a significant
advantage in the solving of parametric studies. In this case, the analysis allows
understanding which is the range of wavelengths and frequencies that amplify
significantly the stress levels (on the foundation soil), when compared to the
quasi-static mechanism. With this study, it is also possible to identify which are the
frequencies that most influence the performance of the ballasted and ballastless
tracks.

2 Numerical Model

The modelling of the train-track interaction requires a sub-structured model, where
the rolling stock and the track are simulated by different approaches. The dynamic
interaction between the two models is established taking into account the com-
patibility of the displacements and the equilibrium of forces. The track-ground
system is modelled by the 2.5D approach considering the tri-dimensional nature of
the domain. The 2.5D approach presents several advantages since allows combining
an efficient computation procedure with the 3D character of the problem [1, 2]. In
this particular case, the 2.5D approach is supported by a FEM-PML formulation.

2.1 Modelling of the Track (2.5D FEM-PML Approach)

The 3D response of the structure is determined assuming that the cross-section of
the structure is invariant along the track development direction, as depicted in
Fig. 1. In order to reduce the computational effort, the Fourier transform is applied
in the x-direction. In fact, the structure is 2D but the loading is 3D and since the
response of the structure is linear, the analysis is carried out in the frequency/
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wavenumber domain. The final response of the structure in the time/space domain
is obtained through a double inverse Fourier transform. Hereafter, the equilibrium
of each finite element in the ZY plane (represented in Fig. 1) is obtained considering
the following equation:

ZZ
ZY
BT �k1ð ÞDB k1ð Þdydz� x2

ZZ
ZY
NTqNdydz

� �
un k1;xð Þ ¼ pn k1;xð Þ ð1Þ

where [B] is the derivative matrix of the shape functions, [N] is the shape function
matrix, [D] is the constitutive matrix, q is the density and pn and un are the nodal
forces and displacements, respectively. Throughout this formulation, the stiffness
and mass matrices are defined, respectively, by the following expressions:

K½ � ¼
ZZ

ZY
BT �k1ð ÞDB k1ð Þdydz ð2Þ

M½ � ¼
ZZ

ZY

NTqNdydz ð3Þ

Treatment of the Boundaries
In this case, the artificial boundaries are treated through the PML (Perfectly
Matched Layers), which is a local method with high acuity. In this method, an
external layer is applied on the analysis’ domain. The PML absorbs the waves that

Fig. 1 Invariant section defined in the 2.5D approach [3]
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impinge the boundary, without spurious reflection [3]. In order to consider the
condition related to the absorption, the coordinates y and z are stretched to the
complex domain, which induces an artificial increase in the wave attenuation that
propagates along the PML layer. To obtain accurate results, the PML must act as an
absorbing material but also as non-reflexive material. It is important to highlight
that the solution inside the PML domain satisfies the same differential equation as in
the interest domain, considering the change of the coordinates in Eq. (1), as
described in [3].

2.2 Modelling of the Vehicle

In this analysis, a 2D model is assumed for the representation of the vehicle (only
the vertical displacements are considered). The train is defined by a multi-body
formulation where the main masses and suspensions of the vehicles are taken into
account.

The European standard [4] refers 10 types of excitation mechanisms, which
include the quasi-static mechanisms and the dynamic mechanisms. The quasi-static
excitation is induced by the movement of the loads that correspond to the static
weight of the vehicle per axle. The dynamic excitation mechanisms are more
complex and are induced by the vehicle-track interaction that generates accelera-
tions on the vehicle and also inertia forces. Thus, the magnitude of the vehicle-track
interaction loads depends on several factors as the speed of the train, properties of
the vehicle, railway infrastructure and irregularities profile. Since the analysis is
carried out in the transformed domain, the transformation of the irregularity profile
into the frequency (or wavenumber) is also required. The dynamic interaction
forces in the transformed domain are defined considering the following expression:

N Xð Þn¼ kv½ ��1
n�n þ A½ �n�n

� ��1
Dun Xð Þ ð4Þ

whereN is the vector of the interaction forces that depend on each axle of the train and
the irregularity with a certain wavelength (k = 2pc/X). The matrices [kv] and
[A] represent the dynamic response of the train and track due to the dynamic force
generated by the irregularity, respectively. The development of these matrices is
complex and its explanation is referred in several works in the bibliography as [2, 5–8].

3 Case Study

The case study selected for this work establishes a comparison between the bal-
lasted and ballastless tracks in terms of stress levels and stress paths taking into
account the quasi-static and dynamic excitation mechanisms.
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The slab track was modelled considering the Rheda system and is composed of
the rails, railpads, concrete slab, support layer (poor concrete) designated as
hydraulically bonded layer (HBL), frost protection layer (FPL). On the other hand,
the ballasted track is composed of the rails, railpads, sleepers, ballast and
sub-ballast. This analysis is focused on the stress levels in the foundation soil
(modelled as a dry sand) represented in the p-q space. In Tables 1 and 2, the main
material properties adopted for both structures are presented. All the granular
materials and also the sleepers were modelled with linear elastic models. The
sleepers were modelled as a continuous and orthotropic element [9]: in the longi-
tudinal direction (x-direction), the material existing between the sleepers is the
ballast, which means that the stiffness considered is the Young modulus of the
ballast layer. In the cross-section, the properties of the sleepers are used. This
solution was tested in [9] with satisfactory results. In order to characterize the
foundation soil, a failure line defined by Mohr-Coulomb yielding criterion was
defined considering a friction angle equal to 30° and zero cohesion. In this case, the
yielding criterion is merely indicative, since the analysis is carried out assuming
linear elasticity for the whole domain. It is important to note that it was assumed
isotropic conditions in rest stress state, i.e., k0 = 1. In order to reduce the compu-
tation effort, the simulation takes advantage of the symmetry conditions of the
problem as depicted in Fig. 2 and Table 3.

Regarding the irregularities, three irregularities profiles (associated with three
range of wavelengths) were defined according to European Standard [11]:
1 < k < 3, 3 < k < 25 (designated as D1) and 25 < k < 70 (designated as D2). The
analysis of the stress levels due to the existence of the irregularities on the track
allows identifying which are the wavelengths and also the frequencies (that depends
on the train speed) that most influence the stress levels.

Table 1 Characteristics of the rails and railpads

Elements Characteristics

Rails (UIC 60) EI = 6110 kN m2; m = 60.445 kg/m

Railpads (ballasted track) k = 600 kN/mm; c = 22.5 kNs/m

Railpads (ballastless track) k = 40 kN/mm; c = 8 kNs/m

Table 2 Characteristics of the materials of the ballasted

Elements E (MPa) m f q (kg/m3)

Sleepers (ballasted track) 30,000 0.20 0.010 1833.3

Ballast 97 0.12 0.061 1591.0

Sub-ballast 212 0.30 0.054 1913.0

Foundation Soil 120 0.30 0.030 2040.0
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3.1 Modelling of the Quasi-static Mechanism and Dynamic
Mechanism

The Alfa Pendular train is composed of 6 car bodies, presents a symmetry plane and
has an axle load of 135 kN. The main properties of Alfa Pendular can be seen in
[12]. In this analysis, a train speed equal to 200 km/h was considered. This value is
far from the critical speed that is equal to 540 km/h for the case study selected [13].

The irregularities profiles were generated with 40 frequencies and applying the
power spectral density (PSD) defined by Federal Railroad Administration (FRA):

Srzz k1ð Þ ¼ 10�7Ak23 k21 þ k22
� �

k41 k21 þ k23
� � ð5Þ

where A is a parameter that depends on the geometric quality of the railway track, k1
is the wavenumber and k2 and k3 are constants. The value of the parameter A is
limited according to the classes of the geometric quality. In fact, each class is
associated a maximum train speed. In order to analyse higher speeds, the value of
the parameter A was adapted considering the values of the alert limits of the limit of
the standard deviation (in mm) and maximum peak value regarding the average of
the longitudinal levelling defined in [11]. The frequencies of the irregularities
profiles were determined according to the train speed and the wavelengths selected
previously.
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Fig. 2 Numerical models used to determine the behaviour of the ballasted track and slab track
[10]

Table 3 Characteristics of
the materials of the slab tracks

Elements E (MPa) m f q (kg/m3)

Concrete slab 34,000 0.20 0.030 2500

HBL 10,000 0.20 0.030 2500

FPL 120 0.20 0.030 2500

Foundation soil 120 0.30 0.030 2040.0
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The irregularities are defined by a sinusoidal function that is described by a
number of harmonics:

y ið Þ ¼ Aie
ikix ð6Þ

where Ai is the amplitude of the irregularity and ki is the wavenumber.
In Fig. 3 are presented the irregularities profiles defined taking into to account

the three ranges of wavelengths mentioned previously.

3.2 Results

With this work, it was possible to evaluate the influence of the quasi-static and
dynamic mechanisms in terms of stress levels. Firstly, from the irregularities pro-
files presented in Fig. 3 and the respective frequencies (defined according to the
train speed), the stress paths and stress levels were determined. In Fig. 4 are pre-
sented the stress paths considering the 3 irregularities profiles. Analysing Fig. 4, it
is possible to conclude, firstly, that the ballasted and ballasted tracks present dif-
ferent initial mean stresses (pini:ballasted = 23 kPa and pini:ballastless = 17 kPa). For
both structures, the wavelengths between 1 and 3 m generate higher amplification
of the stress levels. On the other side, the irregularities profiles defined by wave-
lengths between 3 and 25 m and 25 and 70 m have lower and zero influence on the
stress levels, respectively, which means that the amplification of the dynamic
response is low or even residual.

In Tables 4 and 5 are presented the maximum increment of the mean (dp;max)
and deviatoric stress (dq;max) for each structure for the element 1 located at x = 0 m
in the longitudinal direction. Besides, the increments between the quasi-static and
dynamic mechanisms are also presented. Analysing the results, it is possible to
conclude that the increments are higher in the ballasted track than in the ballastless
track and the values of the increments on the first case (1 < k < 3) are significant
(superior to 20% on both railway structures), which can lead to problems in terms
of track degradation.

The results of stress paths depicted in Fig. 4 are in accordance with the inter-
action forces. As expected, from 18 Hz (considering a train speed equal to 200 km/
h and k < 3), there is an increment of the interaction forces. However, the incre-
ment value also depends on the amplitude of the irregularity profiles. These
observations are valid for both structures. As Fig. 5 shows, the three irregularities
profiles (with different amplitudes) induce different ranges of the interaction forces.
As expected, the interaction forces influence directly the stress levels.

Within this scope, the P-SV dispersion relationship of the ground was also
studied. More information about the constructions of these curves can be found in
[14]. Figure 6 shows that considering the distance 2.7 m (distance between the
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axles of the bogie), the response amplification frequency of the ground is within the
amplification verify in the stress levels and interaction forces. Besides, the natural
frequencies of the ballasted and ballastless tracks are also within the range of
frequencies above 18 Hz.
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Fig. 4 Stress path—v = 200 km/h: a ballasted track and b ballastless track
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4 Conclusions

This article pretends to study the performance of the ballasted and ballastless tracks
considering the influence of the quasi-static and dynamic mechanisms induced by
the passage of the train (Alfa Pendular). This work is the first step to predict track

Table 4 Stresses on the
ballasted track (element 1;
v = 200 km/h; x = 0 m)

Ballasted track dp;máx dq;máx

f = 0 Hz Stress (kPa) 7.00 11.50

1 < k < 3 Stress (kPa) 9.50 15.88

Increment (%) 35.71 38.10

3 < k < 25 Stress (kPa) 7.35 12.30

Increment (%) 5.00 7.00

25 < k < 70 Stress (kPa) 7.00 11.50

Increment (%) 0.00 0.00

Table 5 Stresses on the
ballastless track (element 1;
v = 200 km/h; x = 0 m)

Ballastless track dp;máx dq;máx

f = 0 Hz Stress (kPa) 5.70 10.72

(1 < k < 3) Stress (kPa) 7.44 12.90

Increment (%) 30.53 20.34

(3 < k < 25) Stress (kPa) 5.77 10.87

Increment (%) 1.23 1.40

(25 < k < 70) Stress (kPa) 5.70 10.72

Increment (%) 0.00 0.00
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degradation, through the consideration of the train-track interaction. Hereafter, two
types of structures were modelled: ballasted track and slab track (Rheda system).
Comparing the quasi-static and dynamic mechanisms, it is possible to conclude that
the dynamic mechanism only assumes a higher importance when the wavelengths
vary between 1 m and 3 m. For values superior to 3 m, the dynamic mechanism is
similar or even equal to the quasi-static mechanism. Thus, for frequencies between
18 Hz and 56 Hz (1 < k < 3), there is an amplification of the stress levels (and also
interaction forces), as show in the p-q diagrams. This amplification is identified in
both structures (ballasted and ballastless tracks), but the ballasted track shows
higher susceptibility because of its stiffness, despite the small difference of the
increments (when the two structures are compared). Thus, the inclusion of the
dynamic mechanism considering irregularities profiles with wavelengths between 1
and 3 m increases, significantly, the stress levels (when compared to the quasi-static
mechanism) and this fact should not be ignored.
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Prediction Method for Metro
Environmental Vibrations Based
on Measurement

Zongzhen Wu

Abstract Problem of environmental vibrations induced by metro has become more
and more serious, so, it is necessary to predict the vibrations accurately and
effectively. Empirical chain attenuation method recommended by national code can
be used in most prediction situations. But its accuracy is low and cannot predict
vibration in the frequency domain. Researchers all around the world have devel-
oped many prediction methods including analytical/semi-analytical methods,
empirical methods, numerical methods, measured prediction methods and so on. In
all the methods, only prediction methods based on measurement can consider all
influence factors of vibrations and get the real and accurate value of environmental
vibration response. In this paper, firstly the research status of vibration prediction
methods based on measurement is presented. New kind of measured prediction
method is introduced, which is called the measured transfer function prediction
method. And the evolutionary process and prediction principle of the method is
displayed. At last, the measured transfer function prediction method is applied to a
prediction example. Amplitude and frequency distribution of the predicted value
and the measured value are similar. Measured Z vibration level is 59.56 dB, and the
predicted Z vibration level is 59.62 dB, so the calculation result is accurate.

Keywords Metro � Environmental vibrations � Measured prediction method �
Transfer function � Prediction example

1 Introduction

In recent years, the rapid development of urban rail transit has greatly alleviated the
urban traffic pressure, but the environmental vibration induced by metro operation
has attracted more and more attention. Excessive subway vibration will cause
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building cracks, interfere with the normal operation of precision instruments and
affect people’s lives [1].

The current Technical Guidelines for Environment Impact Assessment of Urban
Rail Transit [2] recommends that the unified empirical chain formula be used as the
calculation method of environmental vibration prediction. The empirical formula is
simple, quick and universal to predict the large-scale rapid vibration in the stage of
line selection for metro construction and check the vibration sensitive points on the
planned lines, but the shortcomings are that the accuracy is low and that quanti-
tative prediction cannot be achieved in the frequency domain, which leads to
unsuitable selection of vibration reduction tracks. The residents along the metro line
frequently complain about the environmental vibration during subway train
operation.

As a result, domestic and foreign scholars developed a number of vibration
prediction methods, mainly including the following categories: analytical/
semi-analytical methods, empirical prediction methods, numerical methods, mea-
sured analytical methods, etc. Each method has its advantages and specific scope of
application. This paper first summarizes the research status of prediction methods
based on measurement technology by scholars at home and abroad, and then
introduces in detail a new measured prediction method, transfer function prediction
method, and gives an application example to verify it.

2 Summary of the Measured Prediction Method

The measurement-based prediction method, among all the prediction methods, is
the only method that can fully consider influencing factors of vibration and obtain
true and accurate vibration response. This method is intuitive and necessary for
theoretical analysis and verification, prediction model checking and vibration
impact evaluation. After sufficient field tests are conducted, a rich database can be
established. By statistically analyzing the test results, it is possible to predict the
environmental vibration response in similar situations. However, complex and
expensive electronic equipment is required in the test of the structure or field. The
requirements for the test environment are also meticulous and harsh, and it is
difficult to meet the extensive and rapid environmental assessment requirements.

Further, the reliability and accuracy of any prediction method can only be
verified by field test. Due to the fact that during the prediction period, subway lines
have not yet been put into operation or the sensitive targets for research have not yet
been completed, the field test will be partially restricted. However, making full use
of all possible field test conditions to assist traditional prediction methods will
greatly reduce prediction errors and uncertainty. The field tests generally include
field measurements of the input, output, or transfer characteristics of the entire
vibration system or its subsystems, or analog tests of similar projects.
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Scholars in related fields conducted in-depth research on vibration prediction of
metro environment based on field measurement and achieved such results as
follows.

In the prediction of railway vibration, Federal Transit Administration (FTA) [3]
proposes to use the vibration propagation characteristics of the soil surface which
can be obtained through the hammer test to predict vibration. For the underground
railway, vibration prediction is recommended to use the drilling hammer method to
obtain the vibration propagation characteristics within the soil layer.

Liu and Sun [4] proposed a prediction method combining the field test method
with numerical analysis method to predict the vibration response in buildings; Liu
et al. [5] used the vibration response transfer ratio within 1/3 octave spectrum to
describe the variation inside and outside the building and applied this method to
predict the vibration response of the precision instrument test platform induced by
the metro train operation; Ma et al. [6] further discussed the conversion relation
between different magnitudes of vibration transfer in this method.

Zhang et al. [7] obtained the measured transfer characteristics of the tunnel-free
field system by using reverse surface hammering and arranging measuring points in
the tunnel and the measured vibration characteristics of the metro were predicted by
using the measured transfer characteristics.

Wang [8] obtained the transfer characteristics of tunnel-field and tunnel-
field-building systems through hammering in the tunnel and used the test data of
tunnel structure vibration induced by metro train operation as input, and proposed
prediction method of vibration response transfer function for the metro environment
based on pulse experiment.

Liu and Ma et al. [9] used the measured data of vibration source strength and
vibration response to perform two-way calibration of the input and output of the
numerical model in the time or frequency domain, then applied the calibrated
numerical model to predict the vibration response of metro train, and proposed
two-way calibration prediction methods based on field test.

Yuan [10], based on the properties of transfer function, used the multi-point
hammering method to measure the transfer characteristics of the vibration propa-
gation system, obtained transfer characteristic conversion formula by theoretical
derivation, converted the transfer characteristics of the hammer test into those of
train operation, and established the artificial single-point pulse excitation prediction
method to predict the surface vibration response.

3 Transfer Function Prediction Method

In all measurement-based prediction methods for metro environment vibration, a
new type of method has been developed in recent years, namely the transfer
function prediction method in this paper. This method, based on traditional mea-
surement techniques, introduces the transfer function in signal processing and is
applied to vibration prediction of metro environment. Compared with the traditional
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prediction method, it has some advantages: focusing on the actual tunnel-soil
structure status, performing frequency domain prediction, high prediction accuracy
and wide prediction frequency band.

3.1 Transfer Function Prediction Method Based
on Impulse Excitation

Under normal circumstances, the dynamic strain of soil under environmental
vibration caused by metro trains is in the order of 10−5 or even smaller, the stress
and strain of the soil is completely in the elastic state, and the vibration propagation
system is in the elastic strain stage, which makes it possible to deal with the
prediction of the vibration response of the metro by using basic principles of the
transfer function under linear elasticity. Therefore, Wang proposed a new method to
use the transfer function in the control theory for the prediction of environmental
vibration caused by metro trains—the transfer function prediction method based on
pulse excitation [10]. The accuracy of this method is verified by the laboratory, and
the transfer function of being accurately measured from tunnel wall measurement
points to the surface vibration response points under the excitation of the pulse can
be obtained, so the accurate prediction of the point-to-point response of the sen-
sitive target can be achieved.

The main theoretical basis for the measured transfer function prediction method
proposed by Wang is the transfer function characteristics of the tunnel-building
system. That is, the tunnel-building vibration transfer function is the natural char-
acteristics of the transfer system and has nothing to do with the acceleration value
of the vibration source. Taking vibration acceleration as an example, the prediction
process can be divided into three parts: (1) field test, (2) database establishment, and
(3) calculation and prediction.

(1) Field test: The pulse hammer test method is used to measure the acceleration
time history y tð Þ of the measured points in the predicted building and the
acceleration time x tð Þ of the tunnel wall measurement points (Fig. 1).

Then, the acceleration transfer function of the in-building-tunnel wall is calcu-
lated. Here is the special non-dimensional transfer function. Its definition is shown
in Eq. (1):

Hðf Þ ¼ Yðf Þ
Xðf Þ ð1Þ

(2) Database establishment: The acceleration time history x0 tð Þ of tunnel wall with
different fasteners and track types of subway lines in operation is measured, and
the acceleration spectrum X 0 fð Þ at the measurement points of the tunnel walls
during operation is calculated.
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(3) Prediction and calculation: The transfer function method is to predict the
vibration spectrum Y 0 fð Þ of the measurement points in the building caused by
the metro operation, and Inverse Fourier Transform is used to obtain the
acceleration time history of the measurement points y0 tð Þ (Fig. 2). It is con-
venient to calculate peak acceleration, effective value, acceleration level, and
one-third octave, and compare and evaluate with other environmental vibration
standards.

3.2 Artificial Single-Point Pulse Excitation Method

The principle of the transfer function prediction method based on pulse excitation
determines that it can only accurately predict the vibration response in a building
under a point vibration source, and there is a large error in predicting the vibration
under a series of moving loads when the practical train passes through, as shown in
Fig. 3.

In order to realize the new requirements for the prediction of the vibration
response of metro trains—precise quantitative prediction in the frequency domain,
the paper [11] proposed an artificial single-point pulse excitation prediction method
based on the transfer function prediction method. This method obtained the transfer
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Sensor Sensor

Tunnel
wall
sensor

Pulse
hammer
force

Fig. 1 Intra-structural
prediction of a tunnel

Linear system 
Fig. 2 Transfer function
prediction method
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characteristics of the vibration propagation system through single-point pulse
excitation (multi-point excitation), and a set of conversion formulas are obtained
through the derivation of the theoretical formula, and thus the system transfer
characteristics of train operation under load can be obtained. Then, the measured
vibration source of the metro train is substituted into the artificially measured
vibration transfer characteristics, so as to achieve the purpose of the vibration
response prediction for the target point.

The artificial single-point pulse excitation prediction method is realized by an
artificially controllable and automatic drop hammer excitation device. The under-
ground pulse excitation test method is used to measure the vibration transfer
characteristics from the tunnel wall to the surface or predict the response of target in
the building.

In view of the spatial characteristics, there are differences between metro train
operation excitation and artificial single-point pulse excitation. Therefore, a set of
prediction formulas for vibration transfer characteristics are derived theoretically
[11], whereby the vibration transfer characteristics obtained by artificial single-
point pulse excitation (fixed point vibration source with sequential excitation) are
converted into the vibration transfer characteristics of metro train (moving series
point vibration source) (see Fig. 4).
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Fig. 3 Comparison of
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single-point hammer and
metro operation

Artificial single point pulse excitation
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Fig. 4 Conversion of two vibration source excitation modes by the calculation formula
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3.3 Vibration Prediction Method Based on the Measured
Frequency Response Function

For the prediction error of single transfer function of “transfer function prediction
method based on pulse excitation” and for the error caused by phase in the pre-
diction process of “artificial single-point pulse excitation method,” the paper [12]
proposed that prediction method considering space-time load effect caused by metro
train operation - vibration prediction method is based on measured frequency
response functions. The entire calculation process of this method is performed in
the frequency domain, including all information of amplitude and phase. Frequency
domain vibration response at the surface can be calculated more precisely.

The prediction method converts the prediction of the environmental vibration
response caused by metro operation into a series of base forces in the frequency
domain by constructing the rail analysis model, and a series of measured frequency
response functions at different distances from a surface measured by situ ham-
merings in the tunnel. In the frequency domain, corresponding multiplication and
superposition are performed to obtain the final surface vibration response. The
prediction method is shown in Fig. 5.
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Train-track system Tunnel-soil  system

Establishing analytical  
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Situ hammer experiment in 
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base forces in frequency 
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Accuracy of the model 
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NO

Force and the frequency 
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corresponding position in the 
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NO
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Calculat ion of Vibration 
response

Predict ion end

Fig. 5 Prediction method
flow
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The entire prediction process is divided into four main steps:
First, a series of base forces F̂nðxÞ in the frequency domain with a distance

L between fasteners is calculated by using the rail analysis model, as shown in
Fig. 6.

Second, through the hammer test in the tunnel, the frequency response functions
(HkðxÞ) at measured points with 5 m equal intervals on the surface, as shown in
Fig. 7.

Third, according to the distance bn from the Fn position to the prediction point
(as shown in Fig. 8), the frequency response function of the measured frequency
response function from the adjacent bk and bk+1 is found to satisfy the Formula (2).

bk\bn\bkþ 1 ð2Þ

Then, bk and bk+1 are used as interpolation nodes at each frequency point. Using
the linear difference method according to HkðxÞ and Hkþ 1ðxÞ finds the frequency
response function HnðxÞ corresponding to Fn.

Fourth, the frequency domain force of the corresponding distance and frequency
response function in the frequency domain are multiplied to obtain the frequency
domain response F̂iðxÞ � HiðxÞ of the predicted point under a single force. Then,

F1

F2

F3

F 4

Fn

Tunnel-soil 

Track system
Fig. 6 Base force group in
frequency domain calculated
by the rail analysis model

Hammer point 

K measuring points with equal 
intervals on the surface 

Fig. 7 Measured k frequency
functions with 5 m distance
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all 2n+1 frequency domain response results are superposed to obtain the final fre-
quency domain response X̂ðxÞ of the surface prediction point, as is shown in
Eq. (3).

X̂ðxÞ ¼
Xn
i¼�n

F̂iðxÞ � HiðxÞ ð3Þ

4 Prediction Examples

The vibration prediction method based on measured frequency response function
sequence is used to perform practical prediction calculations and to compare with
the actual vibration measurement data of the environment caused by metro (Figs. 9,
10 and 11), we can see that:

(1) The time-domain waveforms calculated by the prediction method and the actual
field measurement are similar to the “spindle.” The arrival and end time and the
duration of the passage of the trains are the same. The time-domain peaks are
all around 0.02 m/s2.

(2) Both spectrum waveforms of the surface vibration acceleration have similar
variation patterns, the frequency domain amplitudes are equivalent, and the
primary frequency of vibration is the range of 30–80 Hz.

(3) The surface vibration acceleration 1/3 times frequency spectrum curves of the
frequency response prediction and the measured frequency response prediction
basically coincide with each other through calculation. All the magnitude of
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Fig. 8 Schematic diagram of the frequency response function at different distances from the
surface prediction point
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vibration, the main frequency band, and variation laws are unanimous. All of
them reached a peak at the central frequency point of 50–60 Hz.

(4) The measured Z vibration level is 59.56 dB. Z vibration level calculated by this
prediction method is 59.62 dB, and the calculation result is accurate.
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Fig. 9 Comparison of the time history of surface vibration acceleration
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Fig. 10 Comparison of spectrum amplitudes of surface vibration acceleration
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5 Conclusion

This paper summarizes the research status of the prediction method of metro
environment vibration based on measurement. Besides, it introduces a new mea-
surement prediction method—measured transfer function method. The measured
transfer function method can reasonably consider the actual tunnel-soil structure,
supplemented by the measured load of the vibration source and the measured
vibration of the surface vibration, which can provide accurate frequency domain
prediction. Due to the limitations of traditional analytical and numerical methods,
metro environment vibration in the future must use measured prediction method as
the main method, combining other methods. Thus, all of the methods can assist
each other, bringing their strong points into full play and form a scientific com-
prehensive prediction evaluation system, which is the right direction for the
development of the environmental assessment of metro vibration.
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Dynamic Response Analysis
of the Subway Station Under Moving
Train Loads

Xiangyu Qu, Meng Ma, Weining Liu and Linfeng Li

Abstract With the rapid development of urban mass transit systems, the issue of
train-induced vibration has attracted attention. The train-induced ground vibration
that occurs above or near a train station is different from that which occurs above
the main line due to key differences in structure, as well as the layout of turnouts. In
this paper, in order to model trainloads at the main line and turnout areas, we used a
simplified two-dimensional train-track coupled model and an additional
three-dimensional station-soil finite-infinite coupled model, and the latter created
using the software ABAQUS. The station’s structural dynamic responses at both
the turnout areas and the main line were calculated, and the time and frequency data
were compared. Our results show that when the train passed through a track with
turnouts, the acceleration response on the rails was ten times larger than when it
passed through the main line, and the acceleration response on the sleepers was five
times larger than when it passed through the main line. The acceleration response of
the station plate exhibited the most dramatic decrease at frequencies between 3 and
20 Hz and between 60 and 100 Hz. Furthermore, the vibration through the plate
decreased over entire frequency bands, and vibration through the pillars decreased
only at frequencies above 50 Hz.

Keywords Subway station � Turnout � Train-track coupled model � Dynamic
response

1 Introduction

As urbanization in China increases, serious traffic problems have emerged in the
larger cities. The most effective solution to this problem is the establishment of a
subway system; however, subway systems come equipped with their own prob-
lems. Most recently, the issue of train-induced vibration has been attracting
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attention, and a range of studies have been conducted in this area, including
research by Aiello et al. [1], Gupta et al. [2] and Hill et al. [3].

The construction of tunnels and tracks near subway stations is complex, and
train speed tends to vary greatly across this range of layouts. In particular, when a
turnout is built near a station, the vibrational response is more complicated and has
a greater environmental vibration impact. In recent years, many scholars have
studied the dynamic response of turnout structure. Kassa et al. [4], Lakusic et al.
[5], Vogiatzis et al. [6] and Chen et al. [7] have measured and analyzed the dynamic
responses of turnouts. Bruni et al. [8] and Markine et al. [9] have established
numerical models in order to analyze the dynamic responses of the turnouts.
Karwunruen et al. [10] used big data to monitor turnout structures in Australia.

The question of vibration source is significant in train-induced environmental
vibration analysis. This paper aims to compare the vibration characteristics of trains
passing through turnouts and main line structures and analyze their effects on the
subway station. Accordingly, a simplified 2D train-track coupled model and a 3D
station-soil finite element-infinite element (FE-IFE) coupled model were built. The
dynamic response of the subway station structure under moving trainloads was
calculated for the track in both the main line and turnout areas.

2 Numerical Model

The coupled train-track-station-soil system can be divided into two parts: a
train-track system and a station-soil system, both of which were established using
numerical simulation. From the simplified 2D train-track model, the supporting
force of the sleepers can be obtained and then applied to the 3D station-soil FE-IFE
coupled model.

2.1 Train-Track Model

In the 2D train-track model, the carriage of a moving train is modeled using a series
of masses, springs and dampers consisting of one car body, two bogies and four
wheels, all of which are rigid bodies and connected to each other by primary and
secondary suspensions. Each model train carriage has ten DOF (degrees of free-
dom). The track model consists of four layers: rails, fasteners, sleepers and
under-sleeper pads (Fig. 1). The contact wheel/rail forces are modeled by a Hertz
spring following Grassie [11].

kH ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
6E2P

ffiffiffiffiffiffiffiffiffiffi
RwRr

p

4 1� m2ð Þ2
3

s

ð1Þ
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where P is the static wheel load, Rw and Rr are the radiuses of the wheel and rail
profile, E is Young’s modulus of the wheel and rail material, and m is Poisson’s
ratio.

Each train has four motor cars (M) and two trailer cars (T), and a train is
arranged in the pattern of T-M-M-M-M-T. The total length of the train is 120 m.
The train parameters are listed in Table 1 [12].

As the vibration response of a train passing through a turnout is different from
the response, when passing through a main line, two track models were required.
Both of the models were 240 m in length. The turnout structure is located at a
distance of 143–153 m from the train’s origin point. There are two main differences
between the two models. The first is that there are gradual changes to the track
section and its parameters, in particular the changes in rail cross-section and the
sleeper size. The other key difference is the sudden change of rail unevenness in a
vertical direction. Table 2 lists the basic track parameters. The parameter of DTVI2
and the elastic bed is from Ref. [12].

Fig. 1 2D train-track coupled model
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Fig. 2 Turnout parameters changing with elements, a for the section of inertia moment along the
direction of the train, b for the section of area along the direction of the train and c for half of the
sleeper width along the direction of the train
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According to the simplified method proposed by Markine et al. [9] and Wan
et al. [13], the dynamic effect of a train on a turnout can be modeled using the
gradually changing parameters along the train’s directional movement. The
changing parameters include the section of inertia moment and the section of area.
The train passing through the turnout can be considered as three distinct stages.
Firstly, the wheels travel along the wing rail as the train approaches the crossing
nose. Here, the contact between wheel and rail is occurring only at a single point.
Secondly, the rail touches the crossing nose, and the wheel load transfers from the
wing rail to the crossing nose. In this transition stage, the wheel is in contact with
both the wing rail and the nose. Finally, the wheel leaves the wing rail and
rolls only over the crossing nose and subsequently through rail. In addition, the
sleeper size also changes with distance; in the turnout area, the sleepers gradually
widen.

Table 1 Train parameters

Structures Parameters Trailer Motor

Car body Vertical stiffness (kN/m) 480 480

Vertical damping (kNs/m) 60 60

Mass (t) 43 43

Bogie Vertical stiffness (kN/m) 1400 1650

Vertical damping (kNs/m) 20 20

Mass (t) 3.418 3.418

Wheel set Mass per wheel (t) 1.317 1.61

Wheel radius (m) 0.84 0.84

Intra-bogie axle spacing (m) 2.2 2.2

Table 2 Track parameters

Structures Parameter name Used in main line Used in turnout areas

T60 rail Inertia moment (m4) 3.217 � 10−5 See Fig. 2a

Section area (m2) 7.745 � 10−3 See Fig. 2b

DTVI2 fastener Equivalent stiffness (N/m/m) 6 � 108 6 � 108

Equivalent damping (Ns/m/m) 3 � 105 3 � 105

Sleeper Young’s modulus (N/m2) 3.6 � 1010 3.6 � 1010

Height (m) 0.205 0.205

Poisson’s ratio (–) 0.2 0.2

Density (kg/m3) 2500 2500

Half of the width (m) 1 See Fig. 2c

Elastic bed Equivalent stiffness (N/m/m) 2 � 108 2 � 108

Equivalent damping (Ns/m/m) 8 � 104 8 � 104
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The wheel–rail interaction was modeled by the Hertz spring. The measured rail
unevenness from the main line of the Beijing metro’s line ten was employed, as
shown in Fig. 3a. According to field observations by Markine et al. [9], the vertical
height of the lowest point of the turnout at the crossing point is about 8 mm lower
than that of the main line. In addition to measuring the local geometry at the
crossing, the geometry 5 m before and 5 m after the crossing point was also
measured (Fig. 3b, c).

2.2 Subway Station–Soil FE-IFE Coupled Model

Using the FE software ABAQUS, the numerical model of the station-soil system
and its main dimensions are shown in Fig. 4. The material parameters are listed in
Table 3. In this model, the Rayleigh damping assumption was employed with the
damping factors a and b listed in Table 3. To avoid wave reflection at the
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unevenness of the turnouts and c for the circled portion of (b)

Fig. 4 The numerical model and its main dimensions (unit: m)
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boundaries in the dynamic analysis, the IFE boundary was used. The trainloads
obtained from the 2D train-track model were applied to the base of the station
structure.

In Fig. 5, the black and red lines indicate the load-time history at 147.1 and
151.9 m from the origin point, respectively. The trainloads were applied to each
sleeper location, with a spacing of 0.6 m.

3 Results and Analysis

Four vibration detection points were selected on the pillars and plates of the two
structural layers of the subway station, defined as A, B, C and D (Fig. 4). The
displacement responses of each point were analyzed using time history, frequency
spectra and their contour plots.

Figures 6, 7 and 8 chart the dynamic responses of Point A and B at the turnouts
and the main line. As shown, when the wheels pass through the turnout areas, a
series of significant vibration shocks occur, and an increase in vibration amplitude
can be observed. The displacement results also clearly display the sudden change in
the value of the train as it passes through the reclamation area.

Table 3 Material parameters

Item Concrete Soil

Elasticity modulus (kN/m2) 4.2 � 108 3.19 � 106

Poisson’s ratio (–) 0.2 0.34

Density (kg/m3) 2400 2230

Damping factor a in Rayleigh damping assumption 0.622 0.37326

Damping factor b in Rayleigh damping assumption 1.5758 � 10−4 9.45475 � 10−5

Fig. 5 The moving trainloads applied to the base of the station
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Fig. 6 The displacement at Point A when the train passes a through turnouts and b the main line
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Fig. 7 The acceleration at Point A when the train passes a through turnouts and b the main line
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Fig. 8 The acceleration at Point B when the train passes a through turnouts and b the main line
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Figures 9 and 10 show the Fourier spectra and one-third octave bands of
acceleration at Point A and B. These results indicate that when the wheels pass
through the turnout areas, the vibration energy increases, especially in the fre-
quency range between 30 and 100 Hz.

Figure 11 compares the acceleration level at the plates and pillars of the two
station layers. The acceleration response of the subway station is transmitted from
Point A to B. The acceleration level is seen to attenuate over entire frequency
bands, especially between 1–10 Hz and 50–100 Hz with a maximum attenuation
value of 10 dB. As shown, the acceleration levels of Points C and D are different
from those of Points A and B. A decrease of 8 dB from Point C to D can be
observed between 50 and 100 Hz, but an amplification of acceleration also occurs
between 2 and 15 Hz.
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Fig. 9 The a Fourier spectra and b one-third octave bands of accelerations at Point A when the
train passes through turnouts and the main line
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Figure 12 compares the displacement contour of the two cases, indicating that
the vertical displacement of the sidewall of the station is larger than that of the
pillar, and the displacement of the top pillar is greater than that of the basic pillar.
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Fig. 12 The displacement contour of the station when the train a passes through the turnout and
b the main line
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4 Conclusions

In this paper, the dynamic responses of a subway station were calculated and
compared using numerical simulation for both the turnout areas and the main line.
The following conclusions can be drawn:

(1) The train passing through the turnouts generates a larger vibrational response
above 20 Hz, especially in the frequency range of 40–60 Hz.

(2) When the train passes through the turnout structure, it generates greater
vibrational energy in each part of the station, particularly in the frequency
bands of 3–10 Hz and 30–100 Hz. However, the differences are not significant
between 10 and 30 Hz.

(3) The vertical displacement of the top pillar and the sidewall of the top layer is
greater than that of the basic pillar and the bottom wall, and the vertical dis-
placement of the sidewall is larger than that of the pillar.
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Comparative Experimental Study
on Vibration Isolation Effect
of Combined Track Bed in Metro
Tunnel

Zhou Zheng, Yong-fang Wu, Jin-hui Liu, Peng-hui Liu, Yi-gan Wang
and Da-xin Sun

Abstract Subway line using damping fasteners, steel spring floating slab track
bed, rubber vibration reduction track bed, combined track bed (damping fastener
combination rubber vibration reduction track bed) and other forms of vibration
isolation structure, in which combined track bed is a double-layer vibration isola-
tion system, the rest are all single-layer vibration isolation systems. Based on the
principle of vibration reduction of a double-layer vibration isolation system and the
vibration test data of subway line, the vibration characteristics of double-layer
vibration isolation system are analyzed and compared with the vibration isolation
effect of the single-layer vibration isolation system.

Keywords Vibration reduction effect � Double-layer vibration isolation system �
Combined track bed

1 Introduction

With the rapid development of urban rail transit, the environmental vibration
problems caused by metro operations have received increasing attention [1]. In
order to reduce the impact of rail transit vibration on the surrounding environment
and residents’ lives and work, currently based on the theory of vibration isolation,
the main methods for vibration reduction of the track include damping fasteners,
vibration-damping sleepers, point-supporting and wire-supporting rubber floating
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slabs, polyurethane floating slab, steel spring floating slabs, the ballast cushion, the
float type ballast trough, and so on [2], which are all monolayer vibration isolation
system.

The combined track-bed system comprehensively uses the principle of vibration
isolation and combines various vibration reduction measures together by adjusting
the distribution of stiffness and mass ratio between different coupling subsystems,
and the best isolation and attenuation effect of vibration energy in the transmission
path can be achieved. Some new types of vibration-reducing track structures such
as damping fasteners assembly overall supporting rubber floating slabs and
damping fastener combination ballast cushion have emerged.

Many scholars have studied the vibration reduction measures of urban rail
transit. Liu et al. [3] combined with the measured data in tunnels studied the
vibration reduction effects of four types of vibration reduction rails such as steel
spring floating slabs, orbital dampers, and trapezoidal sleepers on line 4 of Beijing
Subway. Xie et al. [4] summarized and analyzed the effectiveness of vibration
reduction measures adopted for multiple rail transit lines in Beijing, Shanghai, and
Guangzhou and graded them. Hao et al. [5] compared the vibration reduction effect
of common vibration reduction measures such as floating slabs, elastic support
blocks, and elastic fasteners. Wang et al. [6] studied the dynamic characteristics and
vibration reduction effect of the trapezoidal system. The theoretical design and
experimental study of the orbital structure of various combinations of vibration
reduction measures in China are still in the preliminary stage. The relevant research
literature is rarely seen.

In this paper, a field test was conducted on the vibration of a rubber damper
cushion bed combination vibration-damping fasteners (integral support rubber
floating slab), and the vibration of a new type of vibration-damping fastener rubber
cushion bed (referred to as a combined track bed) system was discussed.

2 Vibration Isolation Principle

The working principle of the rail traffic isolation system is to insert suitable elastic
devices between the upper building and the foundation of the track to weaken or
eliminate the vibration of the incoming foundation, thereby weakening the impact
of vibration on the environment.

2.1 Single-Layer Vibration Isolation Principle

Vibration can be transmitted from the equipment to the foundation and can also be
transmitted from the foundation to the equipment. The study of vibration isolation
is based on the assumption that the quality of the foundation is much greater than
the quality of the equipment.
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Vibration transmission between the isolation equipment and the foundation
generally uses an elastic stand to form a single-degree-of-freedom mass–spring
system. Set the stiffness of the isolator to K, the lumped mass (equipment) above the
isolator to m, the amplitude of the vibration force at m set to F0. The amplitude of
the vibration force transmitted to the foundation is F, and the frequency of the force
is f0. If the damping force is not counted, the transmission rate T is

T ¼ F
F0

����
���� ¼ 1

1� f
f0

� ���� ��� ð1Þ

T is a dimensionless quantity. Where f0 (undamped natural frequency) is

f0 ¼ 1
2p

ffiffiffiffi
K
m

r
� 1

2
ffiffiffi
d

p ð2Þ

d is the static sinking amount (compression) of the system in meters. The basic
vibration speed is V0, the vibration speed transmitted to the equipment is V, and the
ratio V/V0 is also equal to T.

If the viscous damping coefficient of the isolator is C, the transmission rate of the
damped system is

T ¼
1þð2f f

f0
Þ2

½1� f
f0

� �2
�2 þ 2f f

f0

� �
8><
>:

9>=
>;

1
2

ð3Þ

In this formula f = C/Cc, Cc = 4pf0m of critical damping. For a simple vibration
isolation system, the relationship between the transmission ratio T and the fre-
quency ratio f/f0 at different damping ratios f is shown in Fig. 1.

It can be seen from Fig. 1 that only when the frequency ratio k >
ffiffiffi
2

p
, there is a

vibration isolation effect, and with the increase of k, the vibration isolation effect
also gradually increases. In practice, it takes k = 2.5–5; the amplitude of the
machine passing through the resonance zone during starting and stopping can be
reduced. However, when k >

ffiffiffi
2

p
, the increase of damping will reduce the effect of

vibration isolation. Because the damping coefficient of the commonly used vibra-
tion isolation equipment is not large, when the vibration isolation coefficient is
calculated within the range of k = 2.5–5, it can be considered without damping.
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2.2 Double-Layer Vibration Isolator Vibration Isolation
Principle

Assuming that m1 is the object to be isolated, a double-layer vibration isolation
system inserts an elastically supported intermediate mass between the isolated
object and the foundation, as shown in Fig. 2 for the K1–m2–K2 system. For the
double-layer vibration isolation system shown in Fig. 2, the formula of its natural
frequency is [7]

Fig. 2 Double-layer
vibration isolation system

Fig. 1 Single-layer vibration
isolator vibration transmission
rate curve

642 Z. Zheng et al.



x4
c �

K1

m1
þ K2
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þ K1
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x2
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In this formula: m1 is the mass of the object to be isolated, m2 is the intermediate
mass, K1 and K2 are the stiffness of the two elastic supports, and xc is the natural
frequency of the double-layer vibration isolation system. The following formula (4)
and (5) can be used to obtain xc:

x2
c ¼

1
2
x2

1 1þ m1

m2
þ x2

2

x2
1

� 	
�

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ m1

m2
þ x2

2

x2
1

� 	2

�4
x2

2

x2
1

s2
4

3
5 ð6Þ

From Formula (6), it can be seen that the insertion of the intermediate mass results
in two resonance frequencies in the double-layer vibration isolation system. In addi-
tion, due to the influence of the inertial force interacting with the vibration of the
elastic elements K1, K2, unlike a single-layer vibration-damping system, the transfer
function of the vibration isolator in the high-frequency range exhibits different char-
acteristics. And in the high-frequency range has a more ideal vibration reduction effect.

Figure 3 shows the damping ratio curve of a double-layer vibration isolation
system. In this figure, b ¼ m2

m1
, it can be seen that the transfer function of a two-layer

Fig. 3 Vibration reduction
ratio curve of double-layer
vibration isolator

Comparative Experimental Study on Vibration … 643



vibration isolation system is mainly related to b, and the larger the b, the closer the
two resonance frequencies are, which means the closer the intermediate mass to the
mass of the object to be isolated, the closer the two resonance peaks are. When b is
0, it is the transfer function of the single-layer vibration isolation system. It can be
seen that the damping ratio of the double-layer vibration isolation system is better
than the single-layer vibration isolation system obviously in the high-frequency
region.

3 Test Overview

The five-track structures tested were laid in a single-hole single-track circular
tunnel. The track slope, rail type, tunnel structure, and driving speed of different
track structure test sites are shown in Table 1. The test train is an empty type B
four-axle vehicle with a fixed wheelbase of 2.3 m, a fixed distance of 12.6 m, and
six vehicles. The test is carried out during trial operation, and the operation con-
dition of the five-track structures is the same.

In order to reduce the impact of complex environmental factors along the track
on the evaluation of vibration reduction effect, vibration measurement comparisons
are usually made in tunnels with a height of 1.25–1.9 m above the surface of the

Table 1 Comparison of different track structures

Category Damping
fastener

Steel spring
floating slab
track bed

Rubber
vibration
reduction bed

Combined
track bed

Ordinary
monolithic
bed

Line
gradient
(‰)

Downhill
8.5

Downhill 27.7 Uphill 27.9 Uphill
25.4

Uphill 25.4

Tunnel
section
form

Single
hole
Single
line
Round
shield

Single hole
Single line
Round shield

Single hole
Single line
Round shield

Single hole
Single line
Round
shield

Single hole
Single line
Round
shield

Rail type
(kg/m)

60 60 60 60 60

Fastener
type

Damping
fastener

DTVI2 DTVI2 Damping
fastener

DTVI2

Seam/
seamless
line

Seamless Seamless Seamless Seamless Seamless

Train
speed
(km/h)

59.0 63.5 52.7 53.9 65.4

644 Z. Zheng et al.



tunnel and general monolithic track beds to objectively evaluate measures for
vibration reduction effect.

The tunnel depth, geological conditions, and line conditions are similar. The
train passes two measuring points with the same height and different mileage on the
tunnel wall. One of the measuring points corresponds to the common track struc-
ture, and the other track uses vibration reduction measures. The difference between
the vertical vibration acceleration levels at the two measuring points is the effect
obtained by the orbital vibration damping and noise reduction at this location.

The test adopts 16-bit precision INV306 intelligent signal acquisition and pro-
cessing analyzer. It adopts built-in IC piezoelectric acceleration sensor, featuring
low impedance output, anti-interference, and low noise. The main technical indi-
cators are shown in Table 2. Auto-trigger sampling, the sampling frequency is
2560 Hz and the time interval is 0.39 ms.

The test includes the vertical acceleration of rails, track beds, vertical acceler-
ation, vertical plumbing on the tunnel walls, lateral acceleration, and train passing
speed. The measuring point arrangement is shown in Fig. 4.

4 Evaluation Criteria and Data Processing Methods

At present, there is no corresponding standard specification for the evaluation of the
vibration reduction effect of the track structure. For now, when assessing urban
environmental vibration (the human body is affected by vibration in a building),
according to GB10071-1988 and JGJ/T 170-2009 for measurement and evaluation,
the value of Z-level insertion loss in the frequency range of 1–80 Hz is used as the
evaluation amount of vibration reduction measures. Insertion loss is defined as

Table 2 Technical indicators of accelerometer

Test position Rails/floating slabs/track beds Tunnel wall

Sensor type LC0104 LC0130

Sensitivity coefficient 800 mv/g 40,000 mv/g

Resolution 2 � 10−4 g 5 � 10−7 g

Fig. 4 Arrangement of
measuring points
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L1 ¼ 20 lg
a2R
a2

ð7Þ

In the formula, a2R is the effective value of vibration acceleration at the mea-
suring point when there is no vibration isolation device; a2 is the effective value of
vibration acceleration corresponding to the measuring point when there is vibration
isolation device. When L1 � 0, the vibration isolation system works; when
L1 	 0, the vibration isolation system has no attenuation effect.

Formula (1) is transformed to introduce the reference acceleration a0 = 10−6m/s2

to:

L1 ¼ 20 lg
a2R
a2

¼ 20 lg
a2R
a0

a0
a2

� 	

¼ 20 lg
a2R
a0

� 20 lg
a2
a0

L1 ¼ VL2R � VL2

ð8Þ

5 Test Results and Analysis

5.1 Analysis of Vibration Characteristics of the Combined
Track Bed

The vibration acceleration levels of rails, track beds, and tunnel walls with different
track structures are shown in Table 3. It can be seen that, compared with the rubber
damping pad track beds, the combined track bed structure reduces the stiffness of
the fasteners and reduces the track-bed vibration response.

As shown in Fig. 5, under the same trainload excitation, for most of the fre-
quency range, the vibration acceleration of the rubber damping pad is the largest,
the combined track bed is the second, the ordinary monolithic bed is again, and the
damping fastener is the smallest.

Table 3 Vibration acceleration level of different track structures (dB)

Position Frequency
range

Damping
fastener

Rubber vibration
reduction bed

Combined
track bed

Ordinary
monolithic bed

Rail vertical 1–500 Hz 141.9 143.3 142.4 145.2

Track bed
vertical

1–500 Hz 96.5 127.5 121.8 109.0

Tunnel wall
vertical

1–80 Hz 79.3 74.6 69.1 88.5

1–200 Hz 83.7 75.0 70.6 90.6

1–500 Hz 89.1 75.2 71.1 96.7

Note The calculation of the effective acceleration value is the train passing period
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Table 4 shows the vibration reduction effect of tunnel walls with different track
structures. It can be seen that the vibration reduction effect of the damping fasteners
is the smallest, the rubber damping pads are centered, and the combined track beds
are the best. Compared with the common monolithic track bed, the DVLzmax of the
damping fastener, the rubber vibration-damping track bed, and the combined track
bed at the tunnel wall is 8.4, 12.5, and 16.7 dB. In the frequency range of 1–80 Hz,
compared with the unweighted vibration acceleration levels, the vibration reduction
effect of damping fasteners, rubber cushion beds, and combined track beds is 9.2,
13.9, and 19.4 dB.

The combined track bed and rubber cushion track-bed system both have a
natural frequency of about 16 Hz. According to the vibration isolation principle,
when the frequency ratio k >

ffiffiffi
2

p
, that is, in the range greater than 25 Hz, there is a

significant vibration reduction effect, with the increase of k, the vibration isolation
effect shows a frequency-dependent increase, and the effect of vibration reduction is
10–35 dB. The natural frequency of the damping fastener system is about 31.5 Hz,
in the range of more than 40 Hz, the vibration reduction effect is obvious, and the
vibration reduction effect is 5–12 dB.
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Fig. 5 1/3 octave band of vibration acceleration of track bed

Table 4 Vibration reduction results of different track structures tunnel wall (dB)

Vibration reduction
effect

Damping
fastener

Rubber vibration reduction
bed

Combined track
bed

DVLzmax 8.4 12.5 16.7

1–80 Hz 9.2 13.9 19.4

1–200 Hz 6.9 15.6 20.0

1–500 Hz 7.6 21.5 25.6
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The data analysis results show that the vibration reduction effect of the combined
track bed is better than the single damping structure that constitutes the combined
track bed, but the combined track bed cannot achieve the vibration reduction effect
of any frequency within the whole frequency band better than that of the single
vibration-damping structure constituting the combined track bed, as shown in
Figs. 6 and 7. As can be seen from Fig. 8, the vibration reduction effect of the
combined track bed is not a linear superposition of the single vibration-damping
structure constituting the combined track bed but is closer to the square root
superimposed value of the vibration-damping structure constituting the combined
track bed.
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The combined track bed does not reflect the second-order natural frequency peak
shown in Fig. 3. This may be due to the fact that each damping structure has a
certain degree of damping and the difference in the geological structure of tunnels
under various working conditions, etc. The reason remains to be further analyzed.

5.2 Contrast of Vibration Reduction Effect Between Steel
Spring Floating Slab and Combined Track Bed

The steel spring floating slab is a kind of vibration reduction measure for the
subway and has significant damping performance. This section will compare the
vibration reduction effect of the combined track bed and steel spring floating slab.

It can be seen from Table 5 and Figs. 9, 10 that the DVLzmax of the steel spring
floating slab and the combined track bed at the tunnel wall is 24.3 and 16.8 dB
compared with the common monolithic track bed. Comparing with the unshakable
vibration acceleration level of the tunnel wall of an ordinary monolithic track bed,
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Fig. 8 Contrast loss of vibration acceleration between two-stage isolator and one-stage isolator at
the tunnel wall

Table 5 Vibration reduction results of steel spring floating slab and combined track bed tunnel
wall (dB)

Vibration reduction effect Steel spring floating slab Combined track bed

DVLzmax 24.3 16.8

1–80 Hz 16.6 19.4

1–200 Hz 17.6 20.0

1–500 Hz 21.8 25.6
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the vibration reduction effect of the steel spring floating slab and the combined track
bed is 16.6 and 19.4 dB in the frequency range of 1–80 Hz. Similarly, there is their
own dominant frequency range, in the high-frequency area, and the combined
track-bed vibration reduction effect is better than the steel spring floating slab.

The unweighted vibration reduction effect of the combined track bed in each
cut-off frequency range is better than that of the steel spring floating board, but the
frequency vibration reduction effect of the steel spring floating board sensitive to the
human body’s vertical vibration is more ideal and its VLzmax reduction. The vibration
effect is better than the new combined track bed, which is also the reason why its
DVLzmax is better than its own 1–80 Hz unweighted vibration reduction effect.

Moreover, for the steel spring floating slab, its unweighted vibration reduction
effect also increases with the increase of the cut-off frequency.
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6 Conclusion

The vibration reduction effect of multiple damping structures is not a linear
superposition relationship, and the vibration characteristics of the vibration-
damping system will also change after the combination, but its vibration reduction
effect cannot be better than any of the vibration reduction structures in the whole
frequency range.

The vibration reduction effect of the combined track bed on the low frequency is
obviously less than the linear superposition value of the two single damping
structures, and the vibration reduction effect on the high frequency is similar to the
linear superposition value of the two single damping structures. Compared with the
linear superposition value, the vibration reduction effect of the combined track bed
is more similar to the square root superposition of the two single damping
structures.

There is a great relationship between vibration reduction effect and frequency. In
addition to vibration reduction fasteners, vibration reduction effects of vibration
reduction structures increase with frequency.

For the VLzmax vibration reduction effect, the vibration reduction effect of the
steel spring floating slab is the best; in terms of the effect of the frequency without
weighing the vibration reduction effect, the vibration reduction effect of the com-
bined track bed is the best.

Each vibration-reducing structure has its own advantage damping frequency
range. In practical applications, the vibration-reducing structure should be reason-
ably selected considering the construction environment, project cost, and vibration
frequency range requirements.
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Analyses of Metro Train-Induced
Vibration of Building Above Subway
Tunnel

Jianjin Yang, Wanming Zhai, Shengyang Zhu and Yu Guo

Abstract To more accurately predict the structural vibration of the building above
the subway tunnel due to the train moving on the floating-slab track (FST), a
prediction model is established in this paper. The model is developed based on the
vehicle-track coupled dynamics and is comprised of two subsystems. The first
subsystem is the spatial train-FST coupled dynamic subsystem and the second
subsystem is the FST-tunnel-soil-building coupled dynamic subsystem. The rela-
tionship between the two subsystems is the dynamic reaction forces supporting the
rails. In the first subsystem, the train is marshalled by several vehicles and each
vehicle is simplified as multi-rigid-body system with 35 DOFs. In the second
subsystem, the subway tunnel, the building above the tunnel and the soil around the
tunnel are modelled using finite elements, and the 3D consistent viscous-spring
artificial boundaries are applied to mitigate the impact of artificial boundaries on the
calculation results.

Keywords Building vibration � Subway tunnel � Moving train � Vehicle–track
coupled dynamics

1 Introduction

In China, there are many cities in the plan and construction of urban rail transit, and
the scale of construction is the biggest in the world [1]. In order to provide a more
convenient, more highly effective and faster mean of transportation, the subway is
getting closer and closer to the building where people live and even the subway and
the building are built together. Unfortunately, this will aggravate the vibration of
the building induced by the running train, which has quite adverse influences on the
structural safety of the buildings, the operating of precision instruments and the life
quality of residents in the building. This paper focuses on the structural vibration of
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a hotel induced by the running train. The hotel is built above the subway tunnel and
their structures are built together and the tunnel is built for two roads and two metro
lines of FST, illustrated in Fig. 1.

The prediction of the building vibration induced by the moving train belongs to
the environmental vibration induced by railway transportation, which is a com-
prehensive multi-disciplined engineering problem involving the multi-body
dynamics, the structural dynamics, the soil dynamics and the train-track coupled
dynamic interaction. There are many methods to predict the environmental vibra-
tion induced by railway transportation, such as the two-dimensional (2D)
methodology [2, 3], two-and-half-dimensional (2.5D) methodology [4–8],
pipe-in-pipe (PiP) method [9] and the formulation of periodic structure [10]. These
methods, which are based on some hypotheses and simplifications, have high
computational speed but low applicability to the problems involving complicated
geometries and structures. Besides, these methods adopt the linear wheel/rail
interaction, so they cannot veritably reflect the influence of train on the ground
vibration; however, the train plays an important role in the moving train-induced
environment vibration [11]. To more accurately predict the structural vibration of
the hotel with complicated geometry and structure, a model consisting of the spatial
train-FST coupled dynamic subsystem and the FST–tunnel–soil–building coupled
dynamic subsystem is developed based on the vehicle–track coupled dynamics
[12–15].

In the first subsystem, the spatial train–FST coupled dynamics model is used to
calculate the dynamic reaction forces supporting the rails (abbreviated as fastener
forces). In the spatial train–FST dynamic interaction model, the dynamic wheel/rail
interaction model [16] is adopted and the geometric irregularities of wheels and
rails are taken as the excitation. In this subsystem, the influence of the deformations
of the track base is ignored. In fact, the influence of the deformations of the track
base on the fastener forces is quite small.

Left Metro 
Line Right RoadLeft Road Right Metro

 LineTunnel

Hotel

Fig. 1 Position relation between the hotel and the tunnel
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In the second subsystem, the FST, the tunnel, the soil and the building are elab-
orately modelled using the finite element (FE) method, and are coupled through the
deformation compatibility conditions at the interfaces to form a FE dynamics model
of track–tunnel–soil–building system. In this subsystem, the complicated geometry
of the building and the layering of the soil are fully considered in the FE model.

It can be found that these two subsystems are correlated by the fastener forces.
This correlation method has also been used in our previous works [17, 18] and
Kouroussis’ work [19].

2 Prediction Model

2.1 Spatial Train–FST Coupled Dynamics Subsystem

A metro train is marshalled by a series of vehicles with the similar main compo-
nents, one car body, two bogie frames, four wheelsets and two stages of suspen-
sions. When a metro train moves on the FST, it will induce the vibration of the track
which can be in reverse influence the dynamic behaviors of the vehicle. Obviously,
the vehicle and the FST are essentially coupled with each other. Based on the theory
of vehicle–track coupled dynamics [12–15], the spatial train–FST coupled
dynamics model is established, as illustrated in Fig. 2.

As the basic unit of the metro train, the vehicle is modelled as a four-axle
mass-spring-damper system of 35 degrees of freedom (DOFs), listed in Table 1. By
using the system of coordinates moving along the track with vehicle speed, the
equations of motion of the vehicle subsystem can be easily derived according to the
D’Alembert’s principle, which can be described in the form of second-order dif-
ferential equations in the time domain:

MVAV þCV VVð ÞVV þKV XVð ÞXV ¼ FV XV;VV;XT;VTð ÞþFEXT ð1Þ

where XV, VV and AV are the vectors of displacements, velocities and accelerations
of the vehicle subsystem, respectively; MV is the mass matrix of the vehicle which
is a 35 � 35 diagonal matrix; CV(VV) and KV(XV) are the damping and the
stiffness matrices to describe the nonlinearities within the suspensions at the current
state of the vehicle subsystem; XT and VT are the vectors of displacements and
velocities of the track subsystem; FV(XV,VV,XT,VT) is the load vector representing
the nonlinear wheel/rail contact forces determined by the dynamic wheel/rail
coupled model, which depend on the motions XV and VV of the vehicle and XT and
VT of the track; and FEXT describes the external forces including gravitational
forces and forces resulting from the centripetal acceleration when the vehicle is
running through a curve. The details of the vehicle subsystem dynamic model refer
to [12–15].

For the vertical, lateral and torsional vibration, the rail can be simplified as a
simply supported beam due to its large ratio of length to cross section.
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The equations of motion of the rail are given in the form of the fourth-order partial
differential equations.

Described by a thin plate supported by slab bearings on rigid foundation, the
vertical displacements of the kthfloating slab can bewritten in form of the fourth-order
partial differential equations in the time domain. For both the lateral vibration and the
rotation in the horizontal plane, the floating slab can be treated as rigid body.

Both the fasteners and slab bearings are modelled as ordinary Kelvin elements.
The elastic restoring forces of the fastener are proportional to the relative
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Fig. 2 Spatial vehicle–FST coupled dynamic model
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displacements and relative velocities between the rail and the floating slab at the ends
of the fastener, and the supporting forces of the slab bearing are proportional to the
displacements and velocities of the floating slab at the position of the slab bearing.

As described above, the equations of motion of the FST involve second- and
fourth-order partial differential equations. To facilitate solution procedure, all partial
differential equations are transformed into a series of second-order ordinary dif-
ferential equations by means of Ritz’s method, and then the time-stepping inte-
gration method is adopted. The transformation results could be found in references
[12–15]. The final equations of the FST could also be assembled into the standard
matrix form, similar to Eq. (1), as

MTAT þCTVT þKTXT ¼ FT XV;VV;XT;VTð Þ ð2Þ

where MT, CT and KT are the mass, damping and the stiffness matrix of the track,
respectively, and FT is the load vector of the track model representing the wheel/rail
forces obtained by the dynamic wheel/rail coupled model.

The vehicle and the track interact with each other through the dynamic wheel/rail
interaction, which will be described using the dynamic wheel/rail coupled model
[16]. In the dynamic wheel/rail coupled model, three kinds of rail motions in
vertical, lateral and torsional directions are taken into account.

The vehicle-track coupled vibrations are mainly excited by the random track
irregularities which are usually expressed by a one-sided power spectrum density
(PSD) function, namely track spectrum. The sixth grade track irregularity PSD of
US railways is long wave track irregularity of more than 1.0 m wave length and is
usually used as the excitation to analyze the vibration in low frequency range which
is usually not more than 100 Hz. In this paper, in order to analyze the building
vibration in wider frequency range, Sato spectrum of the short wave track irregu-
larity of 0.05–1.0 m wave length is used, which is expressed as

Sðf Þ ¼ Af�n ð3Þ

where the unit of S(f) is mm2/(1/m); f = 1/k is the spatial frequency in cycle/m;
A and n are the fit coefficients.

Table 1 DOFs of a vehicle

Vehicle
component

Lateral
motion

Vertical
motion

Roll
motion

Yaw
motion

Pitch
motion

Car body yc zc /c wc bc
Bogie frame 1 yt1 zt1 /t1 wt1 bt1
Bogie frame 2 yt2 zt2 /t2 wt2 bt2
Wheelset 1 yw1 zw1 /w1 ww1 bw1
Wheelset 2 yw2 zw2 /w2 ww2 bw2
Wheelset 3 yw3 zw3 /w3 ww3 bw3
Wheelset 4 yw4 zw4 /w4 ww4 bw4
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A fast and high-precision numerical transformation method [20] is adopted to
transform the PSD function of the track spectrum into the time-domain random
track irregularity. Figures 3 and 4 illustrate the transformed time-domain random
track irregularity.

The spatial train-FST coupled dynamics system is a large-scale nonlinear cou-
pled dynamic system. To efficiently solve the nonlinear dynamic system of such
high DOFs, the Zhai method, a simple fast explicit integration method previously
developed by Zhai [21], is employed. The scheme of this integration method is
expressed as follows:

Xnþ 1 ¼ Xn þVnDtþð1=2þ aÞAnDt2 � aAn�1Dt2

Vnþ 1 ¼ Vn þð1þ bÞAnDt � bAn�1Dt

�
ð4Þ
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where X, V and A are the generalized displacement, velocity and acceleration of the
system, respectively; Dt is the time step; the subscripts n + 1, n and n − 1 denote
the integration time at (n + 1) Dt, nDt and (n − 1)Dt, respectively; a and b are free
parameters that control the stability and numerical dissipation of the algorithm.
Usually, a value of 0.5 could be assigned to a and b to achieve good compatibility
between numerical stability and accuracy.

2.2 FE Model of Track–Tunnel–Soil–Building Subsystem

The geometric construction of the hotel and the tunnel is very complicated, as
depicted in Fig. 1, and plays a key role in the vibration prediction of the hotel. The
finite element method has the ability to elaborately describe their geometric con-
struction, which is difficult to establish the dynamics model through analytical and
semi-analytical methods. In order to predict the vibration of the hotel induced by
moving train as accurate as possible, a FE model of track–tunnel–soil–building
system is established, as shown in Fig. 5.

In reality, the soil is the infinite half-space and the track length is also regarded
as infinite. However, the volume of the soil has to be limited in the FE model and
the wave will be, therefore, reflected at the boundary which is inconsistent with the
practice. In order to mitigate the boundary effect, the artificial boundaries or the
infinite elements should be adopted to encase the FE model. It is easy to implement
the artificial boundaries in the FE model by modifying the material properties and
fixing the outside nodes of the outermost elements. These boundaries and the
modified outermost elements are referred to as consistent viscous-spring artificial
boundaries and viscous-spring boundary elements [22]. The material properties of
the viscous-spring boundary elements are as follows:

Fig. 5 General view of the FE model
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Equivalent Poisson’s ratio:

v0 ¼
a�2

2ða�1Þ ; a� 2
0; other

�
ð5Þ

Equivalent Young’s modulus:

E0 ¼ 2aTh
G
R

1þ v0ð Þ ð6Þ

Equivalent damping ratio:

g0 ¼ qR
3G

2
vs
aT

þ vp
aN

� �
ð7Þ

where a = aN/aT, aN and aT are the parameters of the consistent viscous-spring
artificial boundaries and generally equal to 4.0 and 2.0, respectively; q and G are
the density and shear modulus of the soil; h and R are the thickness of the
viscous-spring boundary element and the distance between the source of scattering
wave and the consistent viscous-spring artificial boundary; vp and vs are the
velocities of pressure wave and shear wave of the soil, respectively.

The damping of the embankment and the soil are also the key parameters for the
attenuation of the wave propagation in the soil, so the damping parameters of the
FE model should be set properly. In the material parameters, the density, elastic
modulus, Poisson’s ratio and damping have important influence on the ground
vibration. The density, elastic modulus and Poisson’s ratio can be directly defined;
however, the Rayleigh damping is usually adopted in the FE method. The
parameters of the Rayleigh damping are satisfied with

n ¼ a= 2xið Þþ bxi=2
n ¼ a= 2xj

� �þ bxj=2

�
ð8Þ

where a and b are the parameters of the Rayleigh damping and relative with the
mass and stiffness matrices, respectively; n is the damping ratio; xi and xj are the
lower and upper limits of the range of predominant frequency range.

3 Numerical Prediction

3.1 Dynamics Parameters

The A-type metro train will be operated as planned. The train will be composed of
six motor cars and two trailers as the head car and the tail car. The axle load of the
train with normal passenger capacity is between 14 and 16 t. In order to attenuate
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the building vibration induced by the moving train, a FST specially designed for
this subway line is adopted. The natural frequency of the floating slab is about
8.2 Hz and the main dynamics parameters of the FST are listed in Table 2.

Before the construction of the hotel, a single-hole logging based on the geo-
logical prospecting method is generally adopted to investigate the shear wave
velocity of the test field. In addition, the classical soil mechanic tests including the
direct shear test and the three-axial test were applied to acquire the physical and
mechanical parameters of the soil samplings from the in situ field. The test results
provide important references to the dynamics properties of the in situ soil layers
which are shown in Table 3. The main construction material of the tunnel and the
building is reinforced concrete whose main dynamics parameters is well known and
are not given here.

3.2 Predicted Results

The normal and the maximal operating speeds are planned as 80 km/h and 140 km/h.
Firstly, the train–FST coupled dynamics model is used to calculate the fastener forces
excited by the random track irregularities illustrated in Figs. 3 and 4 with the train

Table 2 Main dynamics parameters of the FST

Object Parameter Value Object Parameter Value

Rail Elastic modulus (MN/m2) 210,000 Floating
slabs

Length (m) 25

Cross-sectional moment
of inertia (m4)

3.217 � 10−5 Width (m) 4.2

Density (kg/m3) 7850 Thickness (m) 0.42

Cross-sectional area (m2) 7.745 � 10−3 Density (kg/m3) 2500

Shear modulus (MN/m2) 77,000 Elastic modulus
(MN/m2)

35,000

Shear factor 0.4 Poisson’s ratio 0.25

Fastener Stiffness (MN/m) 30 Steel
spring

Stiffness (MN/m) 6.6

Damping (N s/m) 7.5 � 104 Damping (MN s/
m)

4.9

Fastener spacing (m) 0.595 Longitudinal
spacing (m)

1.19

Table 3 Dynamics properties of the soil

Layer Thickness
(m)

Density
(kg/m3)

Young’s modulus
(MPa)

Poisson’s
ratio

Damping
ratio

(1) 2.0 1.75 � 103 85 0.404 0.05

(2) 7.5 2.0 � 103 96 0.395 0.05

(3) 3.8 2.15 � 103 1271 0.311 0.05

(4) 48.4 2.5 � 103 5096 0.295 0.05
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speed of 80 km/h. All of the fastener forces have a similar time history and one of
them is illustrated in Fig. 6. It can be found that the max value of the fastener forces is
about 55 kN. Then, all fastener forces are taken as the external loads of the FE model
of track–tunnel–soil–building system to predict the building vibration.

Due to that the structure of the hotel is almost symmetrical about the longitudinal
middle section of the tunnel, only three locations on each floor in the building on
the left (see Fig. 1) are selected to illustrate the vertical acceleration of the building.
The locations on each floor are illustrated in Fig. 7. The train is moving on the left
subway line (see Fig. 1) with the speed of 80 km/h. The predicted vertical vibration
of the building at those locations is as shown Fig. 8. In the Fig. 8, ‘Fn’ represents
the nth floor and the red and pink dotted lines are 62 dB and 65 dB, respectively,
which are the limited values for night time and day time regulated by the
standard [23].
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Fig. 6 Time histories of one fastener force

Fig. 7 Schematic diagrams of locations on each floor
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It can be found from Fig. 8 that the vertical vibration of the building induced by
the moving train is concentrated in the frequency range of 20*50 Hz. The first two
dominant frequencies are close to the central frequency 20 Hz and 50 Hz,
respectively. The vertical vibration level of those locations exceeds the limited
values at those two dominant frequencies and the higher the floor is, the more the
value exceeding the limit value is. so some vibration control measures have to be
implemented. The vertical vibration level of the building also has a peak value in
the frequency range of 6.3*8 Hz which probably induced by the natural frequency
of the floating slab.

In order to evaluate the influence of train speed on the building vibration induced
by the moving train, the comparisons are listed in Fig. 9. Compared to the results of
the train speed 80 km/h, the building vibration induced by the moving train with
speed of 140 km/h is smaller when the frequency is below the first dominant
frequency and is larger when the frequency is above the second dominant fre-
quency. This probably because the track vibration dominate the building vibration
below the first dominant frequency and the wheel/rail forces dominates the building
vibration above the second dominant frequency. When the train speed is 80 km/h,
the wheelbase of the train is 2.5 m which will cause a characteristic frequency close
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Fig. 9 Comparison of the vertical vibration level of the building induced by different train speed
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to the natural frequency of the floating slab and the building vibration is aggravated
below the first dominant frequency. When the train speed is 140 km/h, the dynamic
wheel/rail interaction becomes more intensified and induces more aggravated
building vibration above the second dominant frequency.

4 Conclusions

The vertical vibration of the building induced by the moving train is concentrated in
the frequency range of 20*50 Hz. The first two dominant frequencies are close to
the central frequency 20 Hz and 50 Hz, respectively. The vertical vibration level of
those locations exceeds the limited values at those two dominant frequencies and
the higher the floor is, the more the value exceeding the limit value is so some
vibration control measures have to be implemented. Compared to the results of the
train speed 80 km/h, the building vibration induced by the moving train with speed
of 140 km/h is smaller when the frequency is below the first dominant frequency
and is larger when the frequency is above the second dominant frequency.
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Case Study on Rail Train-Induced
Vibration Reduction at the Metro Depot
by Using the Open Trench

Ziyu Tao, Yimin Wang, Yekai Chen and Chao Zou

Abstract With the development of rail transit and the shortage of land utilization,
properties above and near metro depots emerge in Chinese major metropolises.
Whether the railway-induced vibration will bring discomfort to occupants or mal-
function to precise devices is always the concern of stakeholders, designers,
occupants, and researchers. In general, there are three main facets to control the
train-induced vibrations: from the vibration source, from the wave transmission
path, and from the building structure. General vibration mitigation methods include
the rubber float-slab track, continuous-wave barrier systems, non-continuous wave
barrier systems, wave impedance block, blocking floor, floating floor, etc. This
paper mainly focuses on the effectiveness of the open trench in reducing
train-induced vibration based on a field test conducted at the throat area of a metro
depot of Guangzhou. The results reveal that (a) the vibration attenuation in
curve-line segment of the throat area is more than that in straight-line segment, as
there being 28–36 dB attenuation in curve-line segment and 22–24 dB attenuation
in straight-line segment; (b) higher-frequency components (above 50 Hz) attenuate
faster than lower ones and the propagation distance of the former is shorter; (c) the
peak frequency induced by trains operating at metro depots lies in 31.5–40 Hz;
(d) the effectiveness of the open trench in mitigating horizontal vibration is better
than that in reducing vertical vibration. Some suggestions on designing the open
trench to reduce railway-induced vibration are also proposed.
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Wave propagation � Open trench
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1 Introduction

With the fast development of metropolises in China, the areas around metro depots
are also exploited as residential community, business zone, industrial zone, or
hybrid ones. Whether the ground vibration induced by trains operating at the metro
depot will bring side effects to nearby dwellers or cause malfunction to nearby
precise devices is of great social concern. The influence of ground-borne vibration
is usually frequency-dependent, as the lower-frequency vibration in the range of 1–
80 Hz general can be felt by human body while the higher-frequency vibration in
the range of 16–250 Hz usually generates the secondary-radiated noise inside
buildings [1, 2]. Subway trains operating on the ground surface normally generate
lower-frequency vibration in the range below 40 Hz, which is classified as feelable
vibration, especially when the subgrade soil is soft [3].

There are plenty of vibration mitigation measures. In general, these mitigation
measures can be sorted into three main categories, which are focused on vibration
sources, on vibration propagation path and on the receiver of the vibration,
respectively. Open isolation trenches are commonly used measures to mitigate
ground-borne vibration produced by machinery; vibration propagation is cut off by
the open trench; and only part of the original vibration, which is diffracted at the
trench bottom, could spread to area behind the trench [4]. Based on the same
principle, the open trench also could be a possible way to attenuate ground-borne
vibration induced by railways.

In the late 1960s, Wood et al. carried out earlier field measurements on the
screening effectiveness of open trenches [4, 5]. They found that the depth of an
effective open trench should be more than 0.6 times the wavelength of Rayleigh
waves to achieve a 12 dB amplitude reduction. The width of trenches is not a critical
factor affecting the effectiveness. And the far-field open trench is of less effect than
that of near-field ones. With the fast development pace of computers and commercial
software, numerical analysis becomes a powerful mean to assist scientific researches.
May and Bolt studied the effectiveness of open trenches in reducing seismic motion
by using 2D FE models [6]. They confirmed the result of Woods that a
non-dimensional depth of 0.6 is needed to obtain a 12 dB reduction of vibration
amplitude. Beskos et al. established 2D and 3D models of open trenches and
acquired the same validation [7–9]. Using a 3D FE model, Connolly et al. also found
the depth of the open trench is a parameter of more importance than the width of the
open trench in reducing railway-induced vibration [10]. Through 2D FE/IE method,
Yang and Huang discovered that a higher Poisson’s ratio of the soil beneath the track
may need a deeper open trench to achieve the same effectiveness [11].

Although various field tests and computer modeling have been done, it is still
hard to summarize the effective parameters for the open trench because of the
different properties of the field soil and diverse conditions of the test. The dominant
frequency components of ground-borne vibration are determined by vibration
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propagation in upper layers of soil underneath the track, which are often only a few
meters deep [1]. This suggests the relative relationship between the depth of the
upper soil layer and the depth of the open trench would also affect the effectiveness
of the open trench.

In the present paper, in-site measurements are analyzed in both time domain and
frequency domain. And the vibration attenuation patterns are discussed both in the
horizontal and vertical directions. The effect of concrete-lined open trench in
reducing train-induced vibration is also presented based on the data.

2 In-site Test Measurements

2.1 Test Scheme

The field tests were conducted at the throat area of a metro depot of Guangzhou.
INV306DFData Acquisition and Signal Processing System, 941 amplifier, and 991B
ultra-low frequency accelerometers were used in this test. All the instrumentations
were calibrated before measuring, and the adopted sampling frequency was 410 Hz.
Along the normal direction of the ballast track, two testing sections were selected.
Section 1 was located across the straight lines of the throat area, which was consisted
of five testing points. The distance between the five testing points (C1–C5) and the
vibration source was 0 m, 5 m, 17 m, 23 m, and 35 m, respectively. Section 2 was
chosen at the curve segment of the throat area, including four testing points. These four
points (D1–D4) were 0 m, 5 m, 25 m, and 30 m away from the vibration source,
respectively. Each testing point sets two acceleration sensors to measure the vertical
and horizontal (perpendicular to the track line) accelerations simultaneously. There
existed a concrete-lined U-shaped open drainage trench of 0.4 m width and 1.2 m
depth, which was virtually paralleled to the outermost track line of the throat area.
From the profile diagrams, this ditchwas betweenC3 andC4 in section 1 and between
D3 and D4 in section 2 (see Figs. 1 and 2).

Fig. 1 Diagrammatic sketch of testing section 1
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2.2 Time-Domain Analysis of Test Results

In the in-site test, a total of 30 sets of data were collected. Twenty of them were
recorded when every single train passed by and the rest ten of them being back-
ground vibration. Each testing section contained 15 sets of data. The order of
magnitude of background vibrations in both testing sections 1 and 2, no matter in
the horizontal or vertical direction, lies in 10−3 m/s2, and there are no obvious
disturbing vibration sources.

Figures 3 and 4 shows one set of the time-history curve of train-induced
vibration of testing sections 1 and 2, respectively. Other sets of the recorded data
have a similar pattern of the curve showed above. It can be derived from the figures
that the acceleration magnitude of ground-borne vibration attenuates with distance
and the attenuation in section 2 is faster than that in section 1.

In order to analyze the attenuation rules of vibration propagation along the
ground surface, the root-mean-square (RMS) value of each set of data was com-
puted and then averaged by the number of data sets. Equation (1) below is used to
calculate the RMS value.

arms ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

lim
n!1

1
N

X

N

0

a nð Þ½ �2
v

u

u

t ð1Þ

where arms is the RMS value of acceleration of train-induced vibration, with the unit
of m/s2. a nð Þ represents the recorded discrete acceleration sequence. And N is the
number of sampling.

After the RMS values were obtained, they were converted into acceleration level
by using Eq. (2) as follows:

La ¼ 20log10
arms

aref

� �

ð2Þ

where La is the acceleration level with the unit of dB and aref is the reference
acceleration, being 1� 10�6 m/s2.

Fig. 2 Diagrammatic sketch of testing section 2
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Figure 5 shows the relationship between the acceleration level and distance in
testing section 1. As we can see from the picture, in the horizontal direction, the
train-induced acceleration level exceeds the background vibration 3–30 dB; in the
vertical direction, the range is 7–30 dB.

In the vertical direction, the vibration attenuation rule is clearer than that in a
horizontal direction. The attenuation gradient between C3 and C4 is the largest
between other testing points. Considering the testing point, C3 is mounted on the
concrete liner of an open drainage trench, maybe this open trench is the reason for
the larger attenuation slope between C3 and C4. However, in the horizontal
direction, the vibration attenuation rule seems more complex. As we can see,
although the largest attenuation gradient also lies between C3 and C4, there is a
vibration amplification phenomenon both at testing points C3 and C5. The reason

Fig. 3 a Time-history curve of train-induced horizontal vibration of section 1, b time-history
curve of train-induced vertical vibration of section 1
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for vibration amplification in the horizontal direction at testing point C3 may be
attributed to the possible stiff intercalary strata. And the vibration amplified phe-
nomenon in the area behind the open isolation trench has been documented in many
other works of literature [12, 13].

Figure 6 indicates the time-domain analysis of the vibration attenuation in
testing section 2. The difference between the train-induced acceleration level and
the background vibration level is 11–29 dB in the horizontal direction and
14–40 dB in the vertical direction being. As shown in Fig. 6, vibration levels in a
vertical direction basically keep invariant between the testing point D3 and D4. The
acceleration level in the horizontal and vertical direction at testing point D1 and D2
displays little difference.

Fig. 4 a Time-history curve of train-induced horizontal vibration of section 2, b time-history
curve of train-induced vertical vibration of section 2
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From Table 2, we can find the vertical vibration attenuation mainly exits in the
near field for the curve-line segment of the throat area. This attenuation rule may be
attributed to the higher-frequency components of vertical vibration in testing sec-
tion 2, which will be verified in section 2.3 of this paper. Comparing the attenu-
ation gradient between C3 and C4 in Table 1 or that between D3 and D4 in Table 2,
we can conclude the open trench is a benefit for horizontal vibration mitigation.
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2.3 Frequency-Domain Analysis of Test Results

In this section, frequency-domain analyses are carried out. The frequency analyses
mainly contain two parts: one is power spectral density analyses and the other is
one-third octave frequency analyses. Power spectral density of each testing point is
estimated using Welch’s method. And the one-third octave diagrams are drawn
based on energy average around the center frequencies.

Figures 7, 8, 9, and 10 show the PSDs of vertical vibration at relevant testing
points. From these diagrams, we can clearly find the vibration energy dissipates and
the higher-frequency components of vibration attenuate with the distance. The
lower-frequency components of vibration can propagate more distant than the
higher frequencies. The dominant-frequency components are below 60 Hz.

Figures 11 and 12 display the one-third octave frequency diagrams of testing
sections 1 and 2 in both horizontal and vertical directions. These figures can tell the
peak frequency component distinctly. As shown in the pictures, the peak fre-
quencies mostly lie in 31.5–40 Hz. The frequencies higher than the peak frequency
attenuate faster than those below the peak frequency. From Fig. 11a, we can
conclude that the frequency components below 10 Hz in horizontal direction
attenuate the slowest and the amplifying horizontal vibration behind the open trench
mainly consists of frequencies higher than 10 Hz while the amplifying vertical
vibration behind the open trench mainly consists of frequencies higher than 80 Hz,
which is read from Fig. 11b. For the testing section 2, in the horizontal direction,
frequency components below 20 Hz attenuate the slowest and there exits some

Table 1 Acceleration level value and attenuation gradient in testing section 1

Testing
point

Horizontal
direction (dB)

Attenuation
gradient (dB/m)

Vertical direction (dB) Attenuation
gradient (dB/m)

C1–0 m 97.9 – 94.5 –

C2–5 m 92.1 1.16 94.4 0.03

C3–17 m 96.9 −0.40 88.1 0.53

C4–23 m 66.1 5.14 72.0 1.28

C5–35 m 78.7 −1.05 72.0 0.70

Table 2 Acceleration level value and attenuation gradient in testing section 2

Testing point Horizontal
direction (dB)

Attenuation
gradient (dB/m)

Vertical
direction (dB)

Attenuation
gradient (dB/m)

D1–0 m 98.0 – 99.6 –

D2–5 m 84.4 2.73 84.3 3.06

.D3–25 m 80.4 0.20 73.9 0.52

D4–30 m 65.8 2.93 73.9 0.00
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amplification for frequencies above 80 Hz. However, in the vertical direction, the
frequencies below 31.5 Hz are amplified behind testing point D2. When consid-
ering the design vibration mitigation measures, the peak frequency range of
25–40 Hz should be paid more attention.

Fig. 7 Power spectral density of vertical vibration at testing point C1

Fig. 8 Power spectral density of vertical vibration at testing point C4
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Fig. 9 Power spectral density of vertical vibration at testing point D1

Fig. 10 Power spectral density of vertical vibration at testing point D3
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3 Conclusions

(1) The speed of vibration attenuation is related to its frequency components. If the
vibration contains more high-frequency components, it will attenuate faster.

(2) The peak frequency components of vibration induced by train operating
at metro depot mainly lie in 31.5–40 Hz. The frequencies higher than the
peak frequency attenuate faster than those below the peak frequency.
When considering the mitigation of vibration, the components of frequencies
below the peak frequency would be of more importance.

(3) The vibration attenuation speed accelerates in the area of 5–6 m just behind the
concrete-lined open trench which is settled along the track line. This phe-
nomenon is more distinctive in a horizontal direction than vertical direction.

Fig. 11 a 1/3 octave frequency diagram in the horizontal direction of C, b 1/3 octave frequency
diagram in the vertical direction of C

Fig. 12 a 1/3 octave frequency diagram in the horizontal direction of D, b 1/3 octave frequency
diagram in the vertical direction of D
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However, because of the heterogeneity of field soil, there may be vibration
amplification some area behind the open trench.

(4) In order to achieve the best vibration attenuation effect by using an open trench,
it is advisable to research the field soil properties and distributions at first.
Besides designing a proper depth of the open trench, the possible vibration
amplification zone should be avoided.

(5) In actual projects, it is suggested to use a cable trench or drainage ditch to
mitigate rail train-induced vibration. As for its location, it is better to set it
between the vibration source and sensitive receiver and near the latter.
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Estimation of Amplitude-Dependent
Dynamic Parameters from Ambient
Vibration Data

Jun Ma

Abstract This paper proposes a method to estimate amplitude-dependent dynamic
parameters from ambient vibration data by random decrement technique (RDT).
The principle of RDT is explained, and a procedure of applying RDT to evaluate
amplitude-dependent dynamic parameters from ambient vibration data is proposed.
The proposed procedure is first applied to ambient vibration data of a full-scale
one-story steel frame structure, and the analysis procedure is specifically explained.
Then, the proposed procedure is applied to ambient vibration data of a 62-story
reinforced concrete building. Amplitude-dependent natural frequencies and
damping ratios are evaluated for the two structures. The results show tendencies of
natural frequencies and damping ratios with respect to vibration amplitude and
prove that amplitude-dependent dynamic parameters can be evaluated by the
proposed approach.

Keywords Ambient vibration � Dynamic parameter � Structure � Amplitude �
Random decrement technique

1 Introduction

Structural vibration control attracts a lot of attentions in recent years as modern
structures become higher and larger than in the past and hence are more vulnerable
to dynamic loadings such as wind, earthquake, or other external excitations. In
order to accurately predict dynamic responses of building structures and then
effectively suppress structural vibrations, the dynamic parameters such as frequency
and damping should be exactly considered. Dynamic parameters are of great
importance in determining dynamic responses of structures. The shift of natural
frequency could result in change in earthquake force or wind force acting on a
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structure, and the largest oscillations will happen if natural frequency of a structure
matches the period of ground motion or wind turbulence. Structural damping
dissipates the energy that a structure acquires from external dynamic loadings, and
the shift of damping ratio could result in remarkable changes in dynamic responses
of the structure [1]. Therefore, accurate evaluation of dynamic parameters is a key
issue for structural design.

From field measurements made over last several decades, it has been exhibited
that natural frequency and damping are nonlinear parameters that vary with
vibration amplitude [2–6], and Tamura [7] suggests that stick-slip phenomenon
which occurs at interfaces between primary structural members and secondary
components is the primary mechanism for amplitude dependency of natural fre-
quency and damping ratio. However, in the design stage, natural frequency and
damping ratio are generally assumed to be constant and independent of structural
vibration amplitude, because there are only a few studies on amplitude dependency
of dynamic parameters, and the variation tendency and mechanism of amplitude
dependency are still in dispute, although the limited number of studies of dynamic
response analysis of building structures considering amplitude-dependent dynamic
characteristics has shown that the current design assumption does not appear to be
conservative [8, 9]. Therefore, a precise understanding of amplitude-dependent
dynamic characteristics is a pressing need for design of structures.

This paper presents a method to estimate amplitude-dependent dynamic
parameters from ambient vibration data by random decrement technique (RDT).
Ambient vibration test is currently a main experimental method available for
assessing the dynamic behavior of full-scale structures due to the rapid development
of output only modal identification techniques, as well as other advantages such as
low cost, convenient operation and no damage. Free decay functions are extracted
from ambient vibration data by RDT, and amplitude-dependent dynamic parameters
are evaluated from free decay functions by changing trigger values in the RDT
process. The proposed approach is applied to the ambient vibration data of a
full-scale one-story steel frame structure and the ambient vibration data of a
62-story reinforced concrete building. Amplitude-dependent natural frequencies
and damping ratios are evaluated, and the results prove that amplitude-dependent
dynamic parameters can be evaluated by the proposed approach.

2 Principle of Random Decrement Technique

The amplitude-dependent dynamic parameters are obtained using random decre-
ment technique. The structural dynamic response is assumed to be composed of a
deterministic part and a random part. With a given trigger value, the dynamic
response is decomposed into a series of time segments. The deterministic part can
be obtained by taking average of those time segments. It is called RD function and
is free vibration data of the structure. Curve fitting technique is then used to extract
natural frequency and damping ratio from the RD function.
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The RD function can be written in the following form:

zðs; cÞ ¼ 1
2N

X2N
i¼1

sgn y ti þ s; cð Þ½ � � y ti þ s; cð Þ ð1Þ

where z(s, c) is the extracted RD function, y(t, c) is the displacement, velocity, or
acceleration response at time t with respect to the given trigger value of c, sgn[y(t,
c)] is the signum function of y(t, c), ti is the ith time instant corresponding to the
trigger value c, and 2N is the number of time segments.

With a set of gradually increasing trigger values, a set of RD functions can be
extracted from the dynamic response, and then, a set of natural frequencies and
damping ratios can be obtained with respect to corresponding trigger values;
therefore, the relationship between dynamic parameters and trigger values is
established and amplitude-dependent dynamic parameters are obtained. The pro-
cedure of applying RDT to process ambient vibration data will be described
specifically in the next section with field measured data of a full-scale one-story steel
frame structure.

3 Application to a Steel Frame Structure

3.1 Description of the Steel Frame

Random decrement technique is applied to ambient vibration data of a full-scale
one-story steel frame structure in this section, and the procedure of applying RDT to
estimate amplitude-dependent dynamic parameters is explained. The steel frame
was designed and constructed with a precast cladding system at laboratory, as
shown in Fig. 1. The plan dimension of the steel frame was 3050 � 3050 mm, and
the height was 3120 mm; the layout of the steel frame is shown in Fig. 2. Four
corner columns with box cross section 150 � 150 � 9 mm thick were constructed,
and beams in both first and second floors were H section 250 � 125 �
4.5 � 9 mm thick. A precast cladding system composed of autoclaved lightweight
concrete (ALC) external cladding panels, gypsum plasterboard interior linings and
window glazing systems was installed on the steel frame. The ALC panels were
75 mm thick, the plasterboard was 12.5 mm thick, and dimension of the window
opening was 610 � 460 mm.

Ambient vibration test was conducted on the steel frame, and micro-tremors
were used as the main ambient excitation. The duration of ambient vibration test
was 60 min. Six servo-type accelerometers were used to collect response acceler-
ation data with three accelerometers per floor: One accelerometer was located on
the center, and the other two were located at two diagonally opposite corners on
each floor. Each accelerometer could record response acceleration in both X and
Y directions simultaneously and at a sampling rate of 100 Hz.
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3.2 Data Processing Procedure and Results

Random decrement technique was applied to the measured ambient vibration data
in X and Y directions. Figures 3, 4, 5 and 6 illustrate the procedure of applying RDT
to ambient vibration data by taking the measured data in Y direction as an example,
and the response acceleration data at the top/center of the second floor were
employed.

Time history of the response acceleration data in Y direction is shown in Fig. 3.
First, the response acceleration data are transformed into frequency domain using
Fourier transformation, and a band-pass filter with a bandwidth ranging from 0 to
10 Hz is applied to extract contribution of the target mode, and here, information of

Fig. 1 Steel frame structure

X direction

Y direction

Notes ALC panels
Plasterboard
Window

Fig. 2 Layout of the steel
frame
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the first mode is extracted, as shown in Fig. 4. Afterward, the filtered data con-
taining information of the first mode are derived from inverse Fourier
transformation.

Then, RD functions are extracted from the filtered response acceleration data
with respect to corresponding trigger values using RDT. Figure 5 shows an RD
function with a trigger value of 6.5 � 10−4 m/s2 and a time segment length of 10 s.
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Approximate trigger values and time segment length are two key parameters
determining quality of RD functions in this step. Although high-quality RD func-
tions with high trigger values and long durations are expected, it should be noticed
that a high trigger value and a long-time segment length can lead to an insufficient
number of time segments and hence induce a low-quality RD function.

Finally, curve fitting technique is applied to RD functions to extract natural
frequencies and damping ratios. The first ten cycles of each RD function are fitted
with the theoretical formula of free decay function, and corresponding natural
frequency and damping ratio are estimated. Figure 6 shows application of curve
fitting technique to the first ten cycles of the RD function extracted above. The
theoretical formula of free decay function is written as:

xðtÞ ¼ x0e
�xnft cos

ffiffiffiffiffiffiffiffiffiffiffiffiffi
1� f2

q
xnt

� �
ð2Þ

where x0 is the amplitude determined by the initial condition, xn is the natural
circular frequency, and f is the damping ratio.

The amplitude-dependent fundamental natural frequency and damping ratio
estimated from response acceleration data in Y direction are shown in Fig. 7, and
the amplitude-dependent fundamental natural frequency and damping ratio
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estimated from ambient vibration data in X direction are plotted in Fig. 8. As the
steel frame was excited at laboratory using micro-tremors and the steel frame was
one-story high, the response acceleration was measured at a low level, and hence,
the amplitude dependency of dynamic parameters was examined in a low- and
narrow-amplitude range. The amplitude-dependent fundamental natural frequencies
estimated from acceleration data in both directions are generally observed to be
constant, and the amplitude-dependent fundamental damping ratios show a little
scatter. A decrease in damping ratio with respect to response acceleration amplitude
can be noticed in Fig. 8. Generally, as the steel frame was excited in a low-
amplitude range, amplitude dependency of natural frequencies is not evident, but
slight amplitude dependency of damping ratios can be observed.

4 Application to an Actual Building

The proposed procedure is applied to ambient response data of an actual building,
and the amplitude dependency is evaluated with respect to natural frequency and
damping ratio. The building is a 62-story reinforced concrete building, as shown in
Fig. 9. It has a rectangular cross section and is 188 m high. The elevation and six
typical plans of the building are shown in Fig. 10. The building is supported by
reinforced concrete shear walls at the core and supplemental tall outrigger columns
in the transverse direction. Posttensioned concrete slabs are supported by concrete
columns and shear walls. Seventy-two accelerometers are installed on 26 different
levels. Two horizontal components and one vertical component are measured at a
sampling rate of 200 Hz. Ambient vibration test was conducted on December 2012,
and the building was excited by wind, traffic and operational activities during the
test [10].

The measured response acceleration data were first processed using the
frequency-domain decomposition (FDD) method to determine the existence of
structural modes. Singular values of the output response PSD matrix are illustrated
in the frequency range from 0 to 8 Hz in Fig. 11, and the existence of structural
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Fig. 9 A 62-story building
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modes is determined by peaks of the first singular value. The first 12 modes are
marked by red dots in the figure, and natural frequencies of the first six modes are
labeled.

The response acceleration data measured by the 31th sensor and the 32th sensor
are adopted to estimate amplitude dependency of dynamic parameters in both X and
Y directions. The amplitude-dependent natural frequencies and damping ratios of
the first translational modes in X and Y directions are illustrated in Figs. 12 and 13,
respectively. It can be observed that natural frequency tends to decrease with
increasing amplitude in both directions, and the decreasing trend becomes slow as
the amplitude increases. The damping ratio in the X direction is slightly scattered at
the initial stage where response acceleration is lower than 0.4 � 10−4 m/s2 and then
starts increasing with amplitude, while the damping ratio in the Y direction almost
keeps increasing with amplitude. Based on the proposed procedure, amplitude-
dependent fundamental natural frequencies and damping ratios in two orthogonal
directions are obtained, and the tendencies of dynamic parameters with respect to
vibration amplitude are observed.
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5 Conclusions

In this paper, random decrement technique was introduced to estimate amplitude-
dependent dynamic parameters from ambient vibration data. The principle of RDT
was explained, and a procedure of applying RDT to extract amplitude-dependent
dynamic parameters from ambient vibration data was proposed. The proposed
approach was first applied to ambient vibration data of a steel frame to explain the
analysis procedure specifically, and amplitude dependency of natural frequencies
and damping ratios of the steel structure was examined. The results show that
amplitude dependency of natural frequencies is not evident in the low-amplitude
range, but slight amplitude dependency of damping ratios can be observed.
Then, the proposed procedure was applied to ambient vibration data of a 62-story
reinforced concrete building, and the amplitude dependency with respect to natural
frequency and damping ratio was evaluated. The results demonstrate that natural
frequency generally decreases with increasing amplitude, while damping ratio
keeps increasing with amplitude. In addition, the estimated results of the two
structures prove that amplitude-dependent dynamic parameters can be evaluated by
the proposed approach.
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Research on Band Gap Characteristics
of Periodic Isolation Barrier for Metro
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Abstract Environmental vibration problem induced by urban rail transit is
becoming increasingly prominent, and path vibration isolation is one of the mea-
sures to reduce metro vibration and noise. This paper analyzed the applicability of
the periodic vibration isolation barrier to vibration and noise reduction of the metro.
Band gap frequency of periodic isolation barrier was calculated by transfer matrix
method so as to get the variation law of band gap frequency under different
parameter combinations. Characteristic frequency of nearby soil vibration caused
by underground line vibration source of the metro was obtained by field test.
Corresponding band gap barrier parameter combinations were designed according
to the characteristic frequency. Calculation results show that the periodic vibration
isolation barrier can be applied to vibration and noise reduction of urban rail transit.

Keywords Metro � Field test � Transfer matrix method � Periodic barrier

In recent years, due to the increasing demand for the quality of people’s life,
China’s urban rail transit has developed rapidly, and meanwhile, the environmental
vibration and noise induced by it have been paid attention [1]. The path vibration
isolation, which in recent years many scholars have done researches on, is an
effective means to alleviate the environmental vibration caused by urban rail transit
[2, 3]. In this paper, the periodic isolation barrier is introduced into vibration
isolation of metro given the characteristic of periodic structure with a band gap, and
the frequency of band gap of periodic isolation barrier is calculated by transfer
matrix method. The variation law of band gap frequency under different parameter
combinations is concluded, and the applicability to vibration and noise reduction of
urban rail transit is explored and studied.
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Periodic structure (phononic crystal) [4] is a composite composed of two or more
kinds of elastic media arranged in periodic permutation and combination. Its basic
characteristic is band gap. When an elastic wave propagates in a periodic structure,
due to the special structure and material characteristics, elastic waves in a certain
frequency range stop propagating. This frequency range is called the band gap [5,
6]. The band gap characteristic makes periodic structures which have a very broad
prospect in vibration and noise reduction.

1 Analysis of Band Gap of Periodic Isolation Barrier

1.1 Transfer Matrix Method

Transfer matrix method starts with the basic equations of continuous state param-
eters (stress, particle displacement, etc.), combines the interface continuity condi-
tion, and obtains transfer matrix of a single period. By introducing the periodic
boundary condition, the corresponding dispersion relation is obtained, that is, the
band structure. The band gap frequency and attenuation coefficient of periodic
isolation barrier can be calculated by the transfer matrix method.

1.1.1 Derivation of Transfer Matrix

Figure 1 is a diagram of the structure of one-dimensional phononic crystal. In the
diagram, two materials A and B with different elastic constants and densities are
arranged alternately in the x-direction to form one-dimensional periodic structure.
a1 and a2, respectively, indicate the thickness of material A and material B in a
period. a = a1 + a2 is a crystal constant. Take the SH wave as an example here, and
the process of calculating band gap frequency and attenuation coefficient by the
transfer matrix method is described. In other directions, the infinite length is
assumed. The densities of the two materials are marked as q1 and q2, respectively,
and c1 and c2 represent the SH wave velocities of material A and B, respectively.

SH wave’s one-dimensional wave equation is as follows:

@2u
@2t

¼ c2
@2

@x2
þ @2

@z2

� �
uðx; z; tÞ ð1Þ

Let uðx; z; tÞ be the displacement at x, and given the time-harmonic plane wave,
let uðx; z; tÞ ¼ UðxÞeiðk3z�xtÞ and x be an angular frequency. From Formula (1), we
can obtain the amplitude of the material A in the nth primitive cell:
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Un1 x0ð Þ ¼ Pþ
n1e

ia1x0 þP�
n1e

�ia1x0 ð2Þ

In the formula, a1 ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
k23 � x

c21

� �2
r

represents the wave number in the direction

of x and Pþ
n1 and P�

n1, respectively, the positive and negative propagation along the
axis of x, and x0 ¼ x� na, while na� x� naþ a1.

Similarly, the amplitude of material B in the nth primitive cell is:

Un2 x0ð Þ ¼ Pþ
n2e

ia2x0 þP�
n2e

�ia2x0 ð3Þ

In the formula, a2 ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
k23 � x

c22

� �2
r

represents the wave number of material B in

the direction of x and x00 ¼ x� na, with the condition naþ a1 � x� nþ 1ð Þa.
When x ¼ naþ a1, the displacement uðx; tÞ and stress qc2 @u

@x of material A and
material B, we obtain:

Pþ
n1e

ia1a1 þP�
n1e

�ia1a1 ¼ Pþ
n2e

ia2a1 þP�
n2e

�ia2a1 ð4Þ

q1c
2
1a1 Pþ

n1e
ia1a1 � P�

n1e
�ia1a1

� � ¼ q1c
2
2a2 Pþ

n2e
ia2a1 � P�

n2e
�ia2a1

� � ð5Þ

Write the Formulas (4) and (5) into a matrix form

K1Wn2 ¼ H1Wn1 ð6Þ

In the formula, Wn2 ¼ ½Pþ
n2 P

�
n2�T and Wn1 ¼ ½Pþ

n1 P
�
n1�T

From the displacement and stress at x ¼ na, we can obtain

Fig. 1 Structure of
one-dimensional phononic
crystal
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Pþ
n1 þP�

n1 ¼ Pþ
ðn�1Þ2e

ia2a þP�
ðn�1Þ2e

�ia2a ð7Þ

q1c
2
1a1 Pþ

n1 � P�
n1

� � ¼ q1c
2
1a2 Pþ

ðn�1Þ2e
ia2a � P�

ðn�1Þ2e
�ia2a

� �
ð8Þ

Write the Formulas (7) and (8) into a matrix form:

K2Wðn�1Þ2 ¼ H2Wn1 ð9Þ

The relationship between nth cell and n-1st cell can be obtained from Eqs. (6)
and (9):

Wn2 ¼ TWðn�1Þ2 ð10Þ

In the formula, T ¼ K�1
1 H1H�1

2 K2 is the transfer matrix.

1.1.2 Calculation of Energy Band Structure

Considering the periodicity of the x-direction, we can get the following equation by
using the Bloch theorem:

Wn2 ¼ eikaWðn�1Þ2 ð11Þ

In the formula, k is a one-dimensional Bloch wave vector which is written in
scalar form.

The standard matrix eigenvalue problem can be obtained by substituting (11) in
(10).

T � eikaI
		 		 ¼ 0 ð12Þ

In the formula, I is a unit matrix of 2 � 2.
The dispersion relation between wave vector k and frequency x can be obtained

by solving the eigenvalue of the matrix T:

cos kað Þ ¼ cosh a1a1ð Þ cosh a2a2ð Þþ 1
2

Fþ 1
F

� �
sinh a1a1ð Þ sinh a2a2ð Þ ð13Þ

In the formula, F ¼ a1q1C
2
1

a2q2C
2
2
.

The relevant band gap frequency and attenuation coefficient can be obtained by
scanning the concerned frequency range.
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1.2 Calculation of Band Gap Frequency

The band gap frequency of periodic isolation barrier is calculated by using the
transfer matrix method mentioned above. The parameters are shown in Fig. 1. The
results are shown in Fig. 2. In the left figure, the abscissa is the wave vector k, and
the ordinate is the frequency f. The first two attenuation zones are 25.4–92.4 Hz and
102.3–183.2 Hz. The two lines in the right figure represent the attenuation coeffi-
cient corresponding to the band gap. At the intermediate frequency of the band gap,
the attenuation coefficient reaches the maximum, and with the increase or decrease
of the frequency, the attenuation coefficient decreases gradually. The attenuation
coefficient is the lowest at the lower bound frequency and upper bound frequency. It
can be found from the figure that the first gap of periodic isolation barrier composed
of rigid material and elastic material which is close to the ambient vibration fre-
quency caused by metro operation, so this paper only studies the law of the first
band gap, and the band gap hereinafter refers to the first band gap (Table 1).

Fig. 2 Band gap frequency and attenuation coefficient of periodic barrier
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2 Research on the Parameters of Periodic Isolation
Barrier

In this section, the variation law of band gap frequency of periodic isolation barrier
with parameters is analyzed, which include elastic moduli of material, the density of
material, and thickness of the barrier. We only transform a single variable in this
part, and other parameter values are described by the data in Fig. 1. The band gap
characteristics are described by three parameters: lower bound frequency (LBF),
upper bound frequency (UBF), and width attenuation zone (WAZ). By studying the
influence of each parameter on the band gap frequency of periodic isolation barrier,
the vibration isolation barrier with engineering application value is designed for the
main vibration frequency band of urban rail transit.

2.1 Elastic Moduli

The influence of elastic moduli of rigid material on the band gap frequency of
periodic isolation barrier is analyzed. The value range of rigid material is
22–40 GPa, as shown in Fig. 3. It can be seen that the three parameters are in a
linear state. The elastic moduli of rigid material have little effect on the band gap
frequency. The parameter can be determined mainly from the aspects of structural
security and economy.

The influence of the elastic moduli of an elastic material on the band gap
frequency of periodic isolation barrier is analyzed. The value range of elastic
material is 1–6 MPa, as shown in Fig. 4. It can be seen with the increase of elastic
moduli of elastic material LBF, UBF and WAZ of the band gap of the isolation
barrier gradually increase, and the elastic moduli of elastic material have a big
influence on the band gap frequency. The band gap frequency of the periodic barrier
can be adjusted by controlling the elastic moduli of the elastic material.

Table 1 Periodic barrier parameters

Elastic moduli
(MPa)

Density
(kg/m3)

Poisson’s
ratio

Thickness
(m)

Elastic
material

1.5 1000 0.3 0.15

Rigid material 28,500 2500 0.2 0.3
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2.2 Thickness

The effect of the thickness of rigid material on the band gap frequency of periodic
isolation barrier is analyzed. The thickness of the rigid material is 0.2–0.65 m. The
calculation result is shown in Fig. 5. It can be seen from the figure that with the
increase of the thickness of rigid material LBF of band gap decreases slowly, UBF
is basically unchanged, and WAZ of rigid material has no obvious effect on the
band gap frequency. The determination of this parameter can be mainly based on
structural safety and economy.

The influence of elastic material thickness on the band gap frequency of periodic
isolation barrier is analyzed. The thickness of the elastic material is 0.1–0.3 m. The
results are shown in Fig. 6, which displays that LBF, UBF, and WAZ of band gap
decrease gradually with the increase of elastic material thickness. Therefore, the
thickness of the elastic material has a great influence on the band gap frequency.
The band gap frequency of periodic vibration barrier can be adjusted by controlling
the thickness of the elastic material.

2.3 Density

The influence of the rigid material density on the band gap frequency of the
periodic isolation barrier is analyzed. The density of rigid material is
1500–2900 kg/m3. As in Fig. 7, it can be seen that with the increase of density of
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rigid material LBF of band gap decreases slowly, UBF is basically unchanged, and
WAZ increases slowly. The change in the density of rigid material has no obvious
effect on the band gap frequency. The determination of this parameter can be
mainly based on structural safety and economy.

The influence of elastic material density on the band gap frequency of periodic
isolation barrier is analyzed. The density of the elastic material is 500–1900 kg/m3.
The calculated results are shown in Fig. 8. It can be seen that LBF, UBF, and WAZ
of band gap decrease gradually with the increase of elastic material thickness. The
density of elastic material has a great influence on the band gap frequency. The
band gap frequency of the periodic vibration isolation barrier can be adjusted by
controlling the thickness of the elastic material.

3 Field Test of Vibration Acceleration of Vibration Source

3.1 Field Test

In order to obtain the frequency of vibration of the nearby soil when the subway
train passes, the field test of vibration acceleration is carried out on the ground next
to a subway line in Beijing. The track form is a normal monolithic ballast bed track.
The field test point is shown in Fig. 9.

The field acceleration sensor test point arrangement is shown in Fig. 10.
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The acceleration time history and frequency spectrum at the surface test points
are shown in Figs. 11 and 12. It can be seen that the main frequency of the ground
vibration acceleration is 35–60 Hz.

Fig. 9 Diagram of test points

Fig. 10 Field test point
arrangement
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3.2 Final Solution

The vibration frequency of soil by field test is mainly between 35 and 60 Hz.
Combining the research on the law of influencing factors on the band gap of the
periodic isolation barrier and the feasibility of the solution, the following solution is
adopted: A continuous barrier consisting of alternately rigid and elastic materials in

0 2 4 6 8 10
-0.08

-0.06

-0.04

-0.02

0.00

0.02

0.04

0.06

0.08

Fig. 11 Acceleration time history at test points

0 20 40 60 80 100 120
0.000

0.001

0.002

0.003

0.004

0.005

Fig. 12 Acceleration spectrum at test points

702 S. Zhang et al.



a sandwich type is used for periodic isolation barriers, with both ends being rigid
material outside. The thickness of rigid material is 0.3 m, elastic material is 0.15 m,
and the period constant is 0.45 m. The material parameters are shown in Fig. 1.

4 Conclusion

Based on the band gap theory of phononic crystals, this paper uses transfer matrix
method to study the influence of elastic moduli, density, and thickness of materials
on the variation law of band gap of periodic isolation barrier, and in view of the
vibration characteristics of nearby soil caused by urban rail transit operation, the
barrier layout parameters corresponding to the frequency band of vibration isolation
are designed, and the following conclusions are obtained:

(1) The frequency of vibration characteristics of nearby soil caused by urban rail
transit operation under the normal ballast track type is 35–60 Hz;

(2) The frequency of the first gap of periodic isolation barrier is similar to that of
the nearby soil caused by urban rail transit, and the vibration isolation barrier
with engineering application value can be designed by adjusting the parameters
of the barrier for the main vibration frequency band of urban rail transit;

(3) The elastic moduli, density, and thickness of rigid materials have little effect on
the frequency of band gap of the periodic isolation barrier, and the parameters
can be designed mainly from structural safety and economy.

(4) The elastic moduli, density, and thickness of elastic materials have great
influence on the band gap frequency of periodic isolation barrier, and according
to the main vibration frequency of the vibration isolation, the corresponding
band gap frequency can be designed by adjusting related parameters, so as to
give full play to the vibration damping effect of the periodic vibration isolation
barrier.
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Vibration Reduction with Rows
of Arbitrarily Arranged Elastic Piles
in Saturated Soil by Multiple Scattering
Method

Miaomiao Sun, Huangding Zhu, Xinjiang Wei, Huajian Fang
and Lianying Zhou

Abstract An analytical solution of elastic waves scattered by a series of arbitrarily
arranged cylindrical piles in saturated soils is achieved based on Biot’s poroelastic
theory and multiple scattering method in acoustics and electromagnetics. The elastic
waves are expanded by cylindrical functions with undetermined complex coeffi-
cients, and the first order of scattering is satisfied with the boundary conditions at
the certain pile; therefore, the coefficients of the first-order scattering are obtained.
Subsequently, regarding the first order of scattering waves as the secondary exci-
tation to the remaining piles, it is also contented with required boundary conditions;
thus, the second order of undetermined complex coefficients are acquired by gen-
eralized Graf’s addition theorem. The successive scattering could be repeated as the
same manner. The vibration reduction of elastic waves by rows of piles is calcu-
lated. The numerical results demonstrate that the defection of neglecting subsequent
scattering waves’ coherence has been corrected by considering scattering waves as
every secondary wave source in multiple scattering theory. It is also discussed the
main parameters influencing the vibration reduction effect such as scattering orders,
separations between piles, distances between pile rows, shear modulus ratio of pile
and soil and barrier size, and several significant suggestions of optimal design are
concluded.
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1 Introduction

Environmental vibration factors, such as artificial traffic and construction vibrations,
have become an increasingly severe problem to those who live in modern cities.
There are two mainstream approaches to block artificial vibration, the continuous
barrier and the discontinuous barrier. Although the research on discontinuous
barrier has a later start than that on continuous barrier, it has been widely acceptable
and applicable because of its convenience, construct, low cost, effectively isolation
properties, etc. The discontinuous barrier has been adopted in coastal areas of China
recently, especially at the region of soft soil with higher underwater level. The pile
rows, which is one kind of the discontinuous barrier, can not only resolve the
construction difficulties, but also cover the shortage of continuous barriers (in-filled
and open trenches), for the latter are incapable of screening incident wave with
longer wavelength, which shed the constraint of the barrier depth.

Woods et al. [1] initiated to investigate the R wave vibration isolation charac-
teristics by cavity barrier with the technology of holographic, and he introduced the
normalized displacement amplitude to evaluate the isolation effectiveness. Liao and
Sangery [2] established an acoustical propagation model to simulate the isolating
effect of pile rows; they considered that the vibration isolation effect is related to the
relative stiffness of the soil around the piles. Gao et al. [3] proposed the difference
between the near-field and far-field vibration barrier for the first time and indicated
that the isolation property depends on the scattering effect. Xia et al. [4, 5]
employed a more integrated Fourier-Bessel series function expansion to study the
elastic wave scattering problem in vibration isolation barrier. Xu et al. [6, 7] utilized
the complex variables functions and conformal mapping method to analyze the
displacement variation at the front and back of the barrier, and he investigated both
single-row and multi-row solid piles. Sun et al. [8, 9] theoretically solved the
scattering problems of body waves and surface waves encountering discontinuous
barriers (solid and tubular pile rows) with arbitrary shapes and configuration by
introducing the multiple scattering theory from acoustical and electromagnetics. Liu
and Wang developed [10] a high-precise indirect boundary integral method to
calculate the 2D isolating broadband of plane P and SV waves by pile groups. Lu
[11, 12] et al. raised a new type of pile-row system, which is called linked pile rows.
Ding et al. [13] researched the correlation between the scattering coefficients,
transmitting coefficient, the density of barrier, the Poisson’s ratio and elastic
modulus when the elastic barrier is confronted with the incident of S waves.

However, the research above mostly concentrated on elastic wave propagation in
elastic medium, which has not consisted with the fact that the coastal region soil has
high water content and is almost saturated. It gains certain errors by assuming those
soils to the elastic medium. It is much appropriate to take into account the coupling
scattering effect by both soil skeleton and pore fluid. Therefore, based on Biot’s [14,
15] propagation theory, it is transformed the potential function to be at the polar
coordinate system with wave function expansion method. With the elastic boundary
conditions such as soil skeleton and pore fluid displacement continuity, total stress
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continuity and fluid pressure continuity, it is obtained the P waves’ scattering and
transmitted properties by elastic discontinuous barriers constituted of arbitrarily
arranged and arbitrary configuration piles, and the total wave field is acquired as
well. Specific numerical examples, focused on the parameters of scattering orders,
pile separations, distances between pile rows, number of piles, pile–soil shear
modulus ratio, etc., have been carried out and analyzed.

2 Methodology

2.1 Analysis Model

Assuming a far-field point K is the research object, the geometric model and
analysis coordinate system is depicted in Fig. 1. The incident P waves are incoming
to a series of cylindrical piles embedded in the saturated medium with the incident
angle of h0. Setting a center of any elastic pile as the origin and establishing a
rectangular coordinate system, the coordinates of point K related to the specific pile
o refer to r, h; then, setting another center of an elastic pile s as the origin of the
coordinates system, the coordinates of point K related to the specific pile s refer to
rs, hs, etc. The relative coordinates of the piles are set as follows: The coordinates of
pile s related to pile o are ros, hos, etc., and the coordinates of pile s’ related to pile
o are ros′, hos′ etc.

K

y

xo
θ

s

s'

as'

as

θs'

θsr

rs
rs'

θos
θos'

ros'
rss'

rosa

θ0
Incident waves

Fig. 1 Geometric model and
analysis coordinate system
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2.2 Governing Equations and Solutions

It occurs coupling scattering when the P waves are incident into the saturated
medium. There are compressional fast wave P1, compressional slow wave P2 and
shear wave S. The P2 waves are neglected in elastic wave propagation by artificial
vibration because they have rapid attenuation, and their energy proportion appears
low in saturated soil. Thus, only P1 waves are taken into consideration.

Potential function expansion of incident P wave under cylindrical coordinates by
Fourier-Bessel series is

s
s/

inc ¼ eia1sr0s h0 þ h0sð Þ Xþ1

n¼�1
Jn a1srsð Þeinuse�ixt ð1Þ

where superscript inc of / represents incident P waves and s indicates the sth pile,
subscript s stands for soil skeleton, Jn �ð Þ is the nth order of Bessel function, a1s is a
wave number of incident P waves, while subscript 1(2) means P1(2), s means soil
skeleton, us ¼ hs þ h0 þ p=2, exp (−ixt) is omitted for simplification because all
the stimulation and response conclude this time factor.

For heterogeneous cylinders, scattering waves consist of P1, P2 and SV waves,
which are

s
s/

sc
m ¼

Xþ1

n¼�1
s AmHð1Þ

n a1srsð Þeinhs ð2aÞ

s
f/

sc
m ¼

Xþ1

n¼�1
s BmHð1Þ

n a2srsð Þeinhs ð2bÞ

swsc
m ¼

Xþ1

n¼�1
isCmHð1Þ

n bsrsð Þeinhs ð2cÞ

svscm ¼ n11
s
s/

sc
m þ n12

s
f/

sc
m ð2dÞ

sHsc
m ¼ n12

swsc
m ð2eÞ

where Hn �ð Þ is the nth order of Hankel function, superscript (1) or (2) indicates the
function kind, sAm, sBm and sCm are the mth order of scattering coefficients of the
sth pile. The coupling scattering wave functions are named as svscm and sHsc

m , con-
sisted of scattering wave potential of s

s/
sc
m ,

s
f/

sc
m and swsc

m , which is combined with
the coefficients as n11, n12 and n13. The transmitted waves are expressed by the
expansion Bessel series of sDmHð1Þ

n a1prs
� �

, sEmHð2Þ
n a2prs
� �

, sFmHð1Þ
n a2prs
� �

. sDm,
sEm and sFm are the mth order of transmitted coefficients of the sth pile. The
coupling transmitted waves functions are also named as svtm and sHt

m, consisted of

708 M. Sun et al.



transmitted wave potential of s
s/

t
m,

s
f/

t
m and swt

m, which is combined with the
coefficients as n21, n22 and n23.

s
s/

t
m ¼

Xþ1

n¼�1
DmHn a1prs

� �
einhs ð3aÞ

s
f/

t
m ¼

Xþ1

n¼�1
EmHn a2prs

� �
einhs ð3bÞ

swt
m ¼

Xþ1

n¼�1
iFmHn bprs

� �
einhs ð3cÞ

svtm ¼ n21
s
s/

t
m þ n22

s
f/

t
m ð3dÞ

sHt
m ¼ n23

swt
m ð3eÞ

where subscript p represents the pile, sc and t as the superscript on the right side
indicate scattering and transmitted waves separately, and subscript m indicates the
scattering orders.

Assuming pile–soil interface satisfies the elastic boundary conditions at the first
order of scattering, the soil skeleton displacement is continuous:

uincrs rs; hsð Þþ susc1rs rs; hsð Þ
h i���

rs¼as
¼ sut1rs rs; hsð Þ��

rs¼as
ð4aÞ

uinchs rs; hsð Þþ susc1hs rs; hsð Þ
h i���

rs¼as
¼ sut1hs rs; hsð Þ��

rs¼as
ð4bÞ

The radial relative displacement of the pore fluid is also continuous:

fw
inc rs; hsð Þþ s

fw
sc
1 rs; hsð Þ� ���

rs¼as
¼ s

fw
t
1 rs; hsð Þ��rs¼as

ð4cÞ

The total stress is continuous:

rincrsrs rs; hsð Þþ srsc1rsrs rs; hsð Þ
h i���

rs¼as
¼ srt1rsrs rs; hsð Þ��

rs¼as
ð4dÞ

rincrshs rs; hsð Þþ srsc1rshs rs; hsð Þ
h i���

rs¼as
¼srt1rshs rs; hsð Þ��

rs¼as
ð4eÞ

And the pore fluid stress is continuous:

f pinc rs; hsð Þþ s
fp

sc
1 rs; hsð Þ� ���

rs¼as
¼ s

fp
t
1 rs; hsð Þ��rs¼as

ð4fÞ
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The relationship of potential function, displacement and stress under the cylin-
drical coordinates in saturated soil is

surs ¼
@s
s/
@rs

þ 1
rs

@sw
@hs

ð5aÞ

suhs ¼
1
rs

@s
s/
@hs

� @sw
@rs

ð5bÞ

s
fw ¼ @sv

@rs
þ 1

rs

@sH
@hs

ð5cÞ

srrsrs rs; hsð Þ ¼ k
@2 s

s/
@r2s

þ 1
rs

@s
s/
@rs

þ 1
r2s

@2 s
s/

@h2s

 !
þ 2G

@2 s
s/

@r2s
þ @

@rs

1
rs

@sw
@hs

� �	 


þ gM
@2 sv
@r2s

þ 1
rs

@sv
@rs

þ 1
r2s

@2 sv

@h2s

 !

ð5dÞ

srrshs rs; hsð Þ ¼ G
2
rs

@2 s
s/

@rs@hs
� 2
r2s

@s
s/
@hs

þ 1
r2s

@2sw

@h2s
� @2 sw

@r2s
þ 1

rs

@sw
@rs

 !
ð5eÞ

�s
fp rs; hsð Þ ¼ M

@2 sv
@r2s

þ 1
rs

@sv
@rs

þ 1
r2s

@2 sv

@h2s

 !
þ gM

@2 s
s/

@r2s
þ 1

rs

@s
s/
@rs

þ 1
r2s

@2 s
s/

@h2s

 !

ð5fÞ

Substitute (1)–(4) into (5), omitted harmonic factor einhs , the first order of
scattering can be expressed as matrix QX = R, where Q is the scattering and
transmitted coefficient matrix, X is the first order of undetermined scattering and
transmitted coefficient matrix and R is an incident wave vector:

Xþ1

n¼�1

q11 q12 . . . q1j
q21 q22 . . . q2j
..
. ..

. . .
. ..

.

qi1 qi2 . . . qij

2
6664

3
7775X¼� sha

Xþ1

n¼�1

r1
r2
..
.

ri

2
6664

3
7775 ð6Þ

Subscripts of the element qij, rj indicate i = 1, 2, …, 6; j = 1, 2, …, 6;
Cramer’s law is used to solve this function. Substitute vector R to each column

of Q and getting P1, P2, … P6; then, the first order of scattering and transmitted
coefficients are X ¼ Pi=Pj j.

The wave transmitted by other cylinders in interference is supposed to be neg-
ligible; thus, the transmitted waves are disregarded as subsequent waves, and the

710 M. Sun et al.



superposition is ignored. The mth (m � 2) scattering satisfied the elastic boundary
conditions likewise:

suscmrs rs; hsð Þþ
XN 0

s0¼0;s0 6¼s

0s0uscðm�1Þrs0 rs0 ; hs0ð Þ
" #�����

rs¼as

¼ sutmrs rs; hsð Þ��
rs¼as

ð7aÞ

suscmhs rs; hsð Þþ
XN0

s0¼0;s0 6¼s

0s0uscðm�1Þhs0 rs0 ; hs0ð Þ
" #�����

rs¼as

¼ sutmhs rs; hsð Þ��
rs¼as

ð7bÞ

s
fw

sc
m rs; hsð Þþ

XN 0

s0¼0;s0 6¼s

0s0
f w

sc
m�1 rs0 ; hs0ð Þ

" #�����
rs¼as

¼ s
fw

t
m rs; hsð Þ��rs¼as

ð7cÞ

srscmrsrs rs; hsð Þþ
XN0

s0¼0;s0 6¼s

0s0rscðm�1Þrs0 rs0 rs0 ; hs0ð Þ
" #�����

rs¼as

¼ srtmrsrs rs; hsð Þ��
rs¼as

ð7dÞ

srscmrshs rs; hsð Þþ
XN 0

s0¼0;s0 6¼s

0s0rscðm�1Þrs0hs0 rs0 ; hs0ð Þ
" #�����

rs¼as

¼ srtmrshs rs; hsð Þ��
rs¼as

ð7eÞ

s
fp

sc
m rs; hsð Þþ

XN 0

s0¼0;s0 6¼s

0s0
f p

sc
m�1 rs0 ; hs0ð Þ

" #�����
rs¼as

¼ s
f p

t
m rs; hsð Þ��rs¼as

ð7fÞ

s ¼ 0; 1; 2. . .N; s0 ¼ 0; 1; 2. . .N; 0� hs � 2p;m� 2

Substitute (1)–(4) into (7), iteration relationship between mth and (m − 1)th order
of scattering is QX = SY,

Xþ1

n¼�1

q11 q12 . . . q1j
q21 q22 . . . q2j
..
. ..

. . .
. ..

.

qi1 qi2 . . . qij

2
6664

3
7775X¼�

XN 0

s0¼0;s0 6¼s

0 Xþ1

n0¼�1

Xþ1

n¼�1

s11 s12 . . . s1j
s21 s22 . . . s2j
..
. ..

. . .
. ..

.

si1 si2 . . . sij

2
6664

3
7775Y
ð8Þ

where X is the mth order of undetermined scattering and transmitted complex
coefficient matrix, Y is the (m-1)th order of scattering and transmitted coefficients
matrix, Q is mentioned above and S is a vector. Therefore, the solution of total
wave field can be acquired by generalized Graf’s addition theory [8].
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3 Numerical Results

The elastic barrier confronted with P waves was illustrated in Fig. 2, the length of
piles is assumed as infinite, the radius is as, pile number is N, separation of piles is
sp, distance of pile rows is h and the barrier width is L = (N – 1) � sp. The
steady-state P waves is incident in front of the pile barrier with the initial amplitude
of /0, w0, and the incident angle is h0 = p/2.

The dimensionless displacement amplitude u=u0j j is introduced, which manifests
the ratio of total displacement amplitude and incident displacement amplitude; the
other geometric parameters are dimensionless as well. The mechanic calculation
parameters of the media are listed in Table 1.

Fig. 2 Analysis model of elastic wave scattering by elastic solid pile barrier (N = 9)
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3.1 Effect of Scattering Orders

The curves of dimensionless displacement amplitude variated with scattering orders
are illustrated in Fig. 3. It presents amplitude amplification phenomenon at a certain
range near the barrier (0 � y/as � 50). With the increase of the scattering order
m, u=u0j j is decreasing gradually, and the increment is attenuating, with a trend of
convergence; especially when the scattering order m values 3–4, there are few
differences between the numerical calculation results. It is manifested that the
multiple scattering assumption is credible, and a numerical truncation at m = 4 is
reasonable while designing an elastic pile barrier.

3.2 Effect of Separations Between Piles

Figure 4 presents 3D u=u0j j meshes variated with multiple pile separations
(2.5 � sp/as � 4.0). A lowest u=u0j j value occurs at the area near the vibration
source, which is the nearer distance from the barrier; the better reduction

Table 1 Physical parameters in saturated soil

G1 (MPa) M (MPa) qs (kg m−3) qf (kg m−3) η ηf ms mf
43.6 5000 1850 1000 0.94 0.65 0.4 0.5

0 100 200 300 400 500
0.0

0.5

1.0

1.5

2.0

2.5

3.0

3.5

4.0

 the first order
 the 2nd order
 the 3rd order
 the 4th order

|u/
u 0|

y/as

Fig. 3 Curves of dimensionless displacement amplitude of elastic pile with the variation of
scattering orders (ηps = 0.45, ηss = 0.8, ηpw = 0.65, sp = 3.0as, h = 0as, 1 � m � 4, N = 9)
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effectiveness it receives, the weaker isolation appearance it gained at the farer
distance from the barrier, and it is gradually convergent. The minimum value of
u=u0j j is about 0.45 when pile separation sp/as = 2.5, and u=u0j j maintains between
0.70–0.75 at both sides after the barrier; a lower value of u=u0j j is founded at a
certain distance u=u0j j ¼ 0:6ð Þ from the barrier when pile separation sp/as = 3.0,
and u=u0j j ¼ 0:8 is emerged at both sides after the barrier; u=u0j j increases to 0.5
near the barrier when pile separation sp/as = 3.5, and u=u0j j reaches to 0.85 at one
side. When sp/as = 4.0, although lower displacement amplitude occurs near the
barrier, u=u0j j is much higher at the most of the field. It is demonstrated that a
discontinuous barrier is discrete as individuals when pile separation increases so
that it cannot perform like an integrity to screen incident waves.

(a)sp =2.5as (b)sp =3.0as

(c) sp =3.5as (d) sp=4.0as

Fig. 4 Three-dimensional displacement mesh of dimensionless displacement amplitude with the
variation of single-pile spacing (ηpw = 0.45, ηss = 0.80, ηpw = 0.65, N = 9, h = 0as)
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3.3 Effect of Distances Between Pile Rows

Figure 5 shows the contour map of u=u0j j behind double-row elastic pile barrier
with the variation of normalized row-to-row distance h/as, and a range of 0 � h/
as � 4.0 has been investigated. When h = 0, double-row pile barrier is degener-
ated to single-row piles; it is obviously observed that u=u0j j increases from 0.55 to
0.65 when it is at the isolation area of 8 � x/as � 16 and 0 � y/as � 150, and
the displacement amplitude reduction is about 35–45%; when h/as = 2.5, the barrier
transforms to double-row piles; u=u0j j varies from 0.5 to 0.6 in a specific isolated
distance of 8 � x/as � 16, 0 � y/as � 150, and the reduction effectiveness is
about 40–50%, which indicates that the screening characteristics is performed better
in double-row piles than in a single row if the pile numbers are the same. When h/
as = 3.0, the displacement amplitude u=u0j j increases from 0.7 to 0.75 at the iso-
lated range of 8 � x/as � 16, 0 � y/as � 150. When h/as increases to 4.0, the
minimum dimensionless displacement amplitude u=u0j j is about 0.75. It is signified
that the elastic pile barrier will disperse to solitary piles unless pile-row distance
increases to a certain range. Therefore, an elastic pile barrier with h/as � 3.0 can
capture no less than 40% incident waves regardless of single or double pile rows, in
which it is a reference value of 2.5 � h/as � 3.0 while designing the discontin-
uous barriers constituted with solid piles.

3.4 Effect of Shear Modulus Ratio of Pile and Soil

Contour of dimensionless displacement amplitude u=u0j j varies with the shear
modulus ratio Gr of pile, and soil behind the elastic pile barrier is depicted in Fig. 6.
It can be observed that the maximum value occurs at a certain area (50 � y/
as � 100, 9 � x/as � 11), where a reduction of 40–50% original value is
received at the center of field, and a reduction of 25–30% is obtained on the two
side of the field. When Gr enlarges 10 times (Fig. 6b, Gr = 100), u=u0j j reduces
from 45 to 35%. In other words, the stiffer the barrier is, the weaker vibration
isolation effect it will acquire. When Gr = 1000 increase to infinite (Fig. 6c, d),
displacement amplification slows down, in which a weaker vibration isolation has
been founded; when Gr dramatically increases, it is resulted from elastic pile barrier
trend to be rigid. Therefore, the existence of fluid in saturated soil medium makes a
superior reduction when elastic waves are incident to the lower stiffness pile barrier.

3.5 Effect of Barrier Size

Figure 7 showed midline variation curves of u=u0j j behind the barrier with the
increasing of pile numbers. It is obviously seen displacement amplitude amplified
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phenomenon at a closer range behind the barrier, which is resulted from the
coherent scattering property. With the distance from the barrier enlarges, dimen-
sionless displacement amplitude u=u0j j modestly increases after a dramatically
falling down to a minimum. The optimum isolation area is at a certain range away
from the barrier (25 � x/as � 100) rather than close to the barrier. Secondly, the
optimum vibration isolation range widens with the pile numbers increasing.
A multiplied pile numbers generates (N = 6–12) a 30% increment of reduction
effectiveness. Thus, increase of pile numbers effectively enhances the isolation
effect, and the vibration hazard can be reduced accordingly.

(a) h=0as (b) h=2.5as

(c) h=3.0as (d) h=4.0as

Fig. 5 Contour map of the displacement amplitude of multi-row elastic piles (ηps = 0.45,
ηss = 0.8, ηpw = 0.65, sp = 3.0as, N = 9)
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4 Concluding Remarks

A theoretical solution to the problem of P waves’ propagation which is confronted
with arbitrarily arranged, and arbitrarily radius elastic pile rows in saturated soil has
been established based on Biot’s poroelastic wave theory. The theory fills the gap of
without considering arbitrarily arranged and arbitrarily radius of elastic pile barriers
at the same time in the former ones. Numerical analysis has investigated the
parameters such as scattering orders, separations between piles, distances between
pile rows, shear modulus ratio of pile and soil and barrier size. Some serviceable
advices for designing solid pile barriers are provided:

(1) It is demonstrated that the multiple scattering assumption is credible, and a
numerical truncation at m = 4 is reasonable while designing an elastic pile
barrier;

(2) The separations between piles have crucial impact on vibration isolation effect.
It will not receive ideal reduction effect with larger separation between piles
unless sp is in the range of 2.5–3.0 as;

(a) Gr=10 (b) Gr=100

(c) Gr =1000 (d) Gr =)

Fig. 6 Dimensionless displacement contour map with the variation of shear modulus ratio of
elastic pile barrier and soil (ηps = 0.45, ηss = 0.8, ηpw = 0.65, sp = 3.0as, h = 0, N = 9)
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(3) The distances between pile rows is a significant factor of vibration isolation.
With the same numbers of piles, a double-row pile barrier attains superior
screening effect than a single-row pile barrier; pile-rows will not screen elastic
waves which manifest like continuous barriers because excessive pile-row
distance results in discrete pile individuals. The best choice of row distance h/as
is about 3.0;

(4) The total displacement amplitude of elastic pile barrier in saturated soil has
been influenced by pore water pressure. With the pile–soil shear modulus
reducing, the vibration isolation effectiveness is reinforced;

(5) A properly increasing pile number will enhance the vibration reduction char-
acteristics, whose displacement amplitude amplification and attenuation per-
form like that of continuous barrier.
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Experimental Study on High Rockfill
Embankment Filling Quality Controlled
by Rolling-Dynamic Compaction
Technology

Shifan Qiao, Ping Xu, Xiao Sun and Ziyong Cai

Abstract This paper proposes a case study using rolling-dynamic compaction
technology to control the filling quality of high rockfill embankment for Pan-Xing
highway in Guizhou Province, China. Firstly, the rolling compaction quality
evaluation system of large particle size rockfill embankment was reviewed, which
includes the evaluation index, the evaluation standard and the evaluation method.
Based on the filling quality evaluation system, the rolling compaction construction
parameters of layered filling were obtained. Secondly, the construction parameters
of dynamic compaction were obtained through the field experiments. Based on field
measurements and theoretical model calculation, the improvement depth, the filler
density and the porosity change amplitude in the improvement depth range after
dynamic compaction were presented for evaluating the dynamic compaction effect
of rockfill embankment. Finally, according to the results of rolling compaction and
dynamic compaction experiments, the rolling-dynamic compaction technics were
summarized. These can be used in guiding the high rockfill embankment filling
construction, ensuring the filling quality and construction schedule. Limited studies
indicate that rolling-dynamic compaction is an effective and economic technique to
control the filling quality of high rockfill embankment. Furthermore, the
rolling-dynamic compaction technics provide a valuable reference to similar
engineering construction.

Keywords High rockfill embankment � Rolling-dynamic compaction � Filling
quality evaluation � Dynamic compaction effect � Construction parameters
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1 Introduction

The high rockfill embankment of Pan-Xing highway in Guizhou Province, China,
almost all are filled with limestone from the tunnel and cutting excavation, the filler
particle size mostly between 400 and 800 mm, the maximum size close to
1000 mm, as shown in Fig. 1, and the filling height is between 20 and 30 m.
Rolling compaction (RC) or dynamic compaction (DC) technology have been
widely used to control the embankment and foundation soil’s filling quality [1–4].
However, the embankment fillers particle size of Pan-Xing highway cannot meet
the current requirement of the embankment filling standard, but controlling the filler
particle size by the method of mechanical crushing will cause huge time and
economic cost. On this occasion, the traditional RC technology is difficult in
controlling the filling quality of rockfill embankment [5–7]. Using the DC method
in controlling the filling quality of each paving layer will also cause huge time and
economic cost.

In this case study, the limestone from the tunnel and cutting excavation were
directly used in filling the high rockfill embankment. Rolling-dynamic compaction
(R-DC) technology was proposed to control the filling quality, as shown in Fig. 2.
R-DC technology is the vibration RC for each layered filling and DC after
cumulative filling to a certain thickness. However, R-DC technology has been
rarely studied in the rockfill embankment. The RC quality evaluation, the DC effect
evaluation and the construction parameters are three important aspects of the R-DC
technology [8–11].

The compaction degree was often used in evaluating the RC quality [12, 13], but
it is difficult to calculate for rockfill embankment. In addition, it is difficult to
determine the maximum paving thickness of layered filling for the lack of RC
quality evaluation system. The effective improvement depth was often used to
evaluate the DC effect [14–18], but it only indicates the improvement range of DC
and cannot characterize the compactness of the improved depth range.

Fig. 1 The limestone for the embankment
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In the following sections, methodologies for evaluating the RC quality and the
DC effect are presented, followed by the R-DC experiments and RC quality eval-
uation system obtaining the construction parameters of R-DC technology. Finally,
the DC effect is evaluated and conclusions are obtained.

2 Methodologies

2.1 Rolling Compaction Quality Evaluation Index

For large particle size rockfill embankment, the maximum dry density and filler
density are difficult to measurement, resulting in the compaction degree cannot be
used to evaluate the RC quality. It is necessary to choose the reliable index instead
of compaction degree for evaluating the RC quality. To our knowledge, during the
rolling process, the embankment surface produces a settlement, the filler density
and the compaction degree increase gradually. When compaction degree reaches
the steady state, the embankment surface settlement ratio and the filler density of
rockfill embankment will not change anymore. For each paving layer, the
embankment surface settlement is easily measured, but the filler density is difficult
to measure after RC. Therefore, it is important to find an easy measurement index to
reflect the steady state of the filler density for the rockfill embankment, when
embedding the soil pressure cell at the bottom of the embankment filler. With the
increase in rolling times, the cumulative soil pressure increment increases gradually
and tends to a steady value, as same as the filler density. The soil pressure value
increment can be used instead of the filler density in evaluating the RC quality. In
this case study, the authors took the embankment surface settlement ratio and the
soil pressure increment as the RC quality evaluation double control indexes, to
evaluate the RC quality of rockfill embankment after rolling compaction.

Fig. 2 The rolling-dynamic compaction technology
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2.2 Dynamic Compaction Effect Evaluation Method

The actual reinforcement mechanisms of DC technology for rockfill embankment
are that the achieved lower porosity results in a higher filler density under impact
energy. For the rockfill embankment, the dynamic compaction effect can be eval-
uated by calculating the porosity and filler density change amplitude of the
improved depth zone.

The calculated model was established to calculate the porosity change ampli-
tude, as shown in Fig. 3. The improvement depth zone of DC under the rammer is
an ellipsoid [19–22]. In this case study, the improvement depth zone is equivalent
to the cylindrical and the rammer surrounding uplift is ignored.

VV0 can be calculated as

VV0 ¼ g0
pD2H
4

ð1Þ

where VV0 is the filler’s void volume before DC, g0 is the filler’s porosity before
DC, H is the effective improvement depth, and D is the rammer diameter.

VV1 can be calculated as

VV1 ¼ VV0 � pD2h
4

1� g0ð Þ ð2Þ

where VV1 is the filler’s void volume after DC, g1 is the filler’s porosity after DC,
h is the cumulative tamping settlement of DC, D is the rammer diameter.

Fig. 3 Improvement depth zone before and after DC treatment
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g1 can be calculated as

g1 ¼
VV1

pS2
4 ðH � hÞ ¼

g0ðHþ hÞ � h
ðH � hÞ

D
S

� �2

ð3Þ

where S is the compaction spacing of DC.

Dg can be calculated as
Dg ¼ g1

g0
ð4Þ

where Dg is the porosity change amplitude.

According to Eq. 4, the porosity change amplitude can be calculated to evaluate
the DC effect. At the same time, as shown in Fig. 4. Based on the definition of
volumetric strain eV [23], the improvement depth zone of DC is equivalent to the
cylindrical and the filler is considered as a huge unit body.

eV can be calculated as

eV ¼ V0 � V1

V0
¼ 1� q0

q1
ð5Þ

where V0 is the huge unit body volume before DC, V1 is the huge unit body’s
volume after DC, q0 is the filler density before DC, q1 is the filler density after DC.

Simplified Eq. 5 eV can be calculated as:

eV ¼ h
H

¼ 1� q0
q1

ð6Þ

Fig. 4 Calculation model of the DC effect
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where h is the cumulative tamping settlement of DC, H is the effective improvement
depth. According to Eq. 6, the filler density change amplitude can be calculated to
evaluate the DC effect.

3 Field Experiments

The field experiments were carried out at the third contract section K52+650*K52
+700 of Pan-Xing highway in Guizhou Province, China. The rockfill embankment
field experiments section includes five filling layers. Table 1 shows the paving
thickness and control particle size of each filling layer.

As shown in Fig. 5a, b, the subsidence pipe and inclinometer pipe were
embedded at the K52+664 section, the horizontal distance between the subsidence
pipe and inclinometer pipe was 12.75 m. When filling the high embankment in
layers, two magnetic cores were placed on the subsidence pipe of each layer, one
soil pressure cell and one dynamic stress cell were placed near to the inclinometer
pipe, and the wires of the soil pressure cell and the dynamic stress cell were led
along the inclinometer pipe.

3.1 RC Experiments Design

As shown in Fig. 6, four embankment surface settlement observation points of t
were set along the roller path on each layer.

For each layer, the soil pressure value at the bottom of the layer and the initial
elevation of four settlement observation points were measured before rolling.
During the rolling process, the data were measured again after each rolling times
until the surface settlement reaches the stop rolling standard [24].

Table 1 The paving thickness and control particle size of each filling layer

Experiment
section

Vibration
force/kN

Filling
layer

Paving
thickness/mm

Control particle
size/mm

K52+650*K52
+700

600 Layer
standard

800 500

Layer 1 1000

Layer 2 1200

Layer 3 1500

Layer 4 1500

Note According to the embankment filling standards [24], the relationship between maximum
particle size and paving thickness (dmax � 2=3h), the paving thickness 800 mm was taken as the
standard layer when the control particle size was 500 mm
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Fig. 5 The measuring instruments arrangement of the K52+664 section

Fig. 6 Arrangement of surface settlement observation points of RC
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3.2 DC Experiments Design

DC experiments were performed after layer 4 filled completed, including the
single-point tamping experiment and the influence depth experiment, the tamping
energy is 3000 kN m.

The single-point tamping experiment was performed following the steps (1)–(3).

(1) Compaction points layout: three positions were selected and marked as the
compact point on layer 4. In order to avoid interaction, the distance between
two compaction points must be greater than 10 m.

(2) Single-point tamping: moving the hammer to the compaction points and
starting tamping.

(3) Measurement and record data: the initial elevation of the hammer was measured
before tamping. During the tamping process, the hammer elevation was mea-
sured after each tamping. When it reached the standard of stop tamping [24],
the tamping settlement and compaction times were recorded.

The influence depth experiment was performed following the steps (4)–(6),
as shown in Fig. 7.

(4) Compaction points layout: the compact points 1, 2, 3, 4 were set at distance of
5.5, 4.5, 3.5, 2.5 m from the subsidence pipe or inclinometer pipe.

(5) Tamping: tamping the compaction points 1, 2, 3, 4 in turn with the tamping
number, which was determined by single-point tamping experiment.

(6) Measurement and record data: tamping the compaction points around the
subsidence pipe. For each compaction point, the magnetic cores initial elevation
was measured before tamping, the magnetic cores elevation was measured

Fig. 7 Arrangement of compact points for influence depth experiment of DC
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again after completing the tamping. When tamping the compaction points
around the inclinometer pipe, the dynamic stress dispersion and decay were
recorded in the tamping process.

4 Results

4.1 RC Experiments Results Analysis

The rules of cumulative surface settlement ratio and soil pressure increment with
the number of roller passes of each layer are shown in Figs. 8 and 9.

As shown in Figs. 8 and 9, with the increase in a number of roller passes, the
cumulative surface settlement ratio and the cumulative soil pressure incremental of
different paving thicknesses increase gradually. In addition, all filling layers reach
the stop rolling standard after rolling eight times and the RC quality reaches the
steady state. But the cumulative soil pressure increment of paving thickness 1200,
1500 mm only accounted for 28.8%, 17.2% of standard layer, respectively; the
changed amplitude is small before and after rolling. For the rockfill embankment,
when the paving thickness is beyond a certain thickness, the vibration RC cannot
take a good compaction effect in the area at the bottom of the embankment because
of the function limit of vibration compaction.

Fig. 8 Relationship curve between cumulative surface settlement ratio and number of roller
passes of each layer
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As shown in Table 2, the two indexes of the standard layer are 14.1% and
25.0 kPa. Based on Fig. 10, the compaction quality of filling layer 2 and layer 3
cannot meet the requirement, only filling layer 1 (1000 mm) can meet the
requirement. It is suggested that the maximum paving thickness can increase to
1000 mm under 60 T and rolling eight times for rockfill embankment.

4.2 DC Experiments Results Analysis

The average settlement rules of three tamping points and cumulative tamping set-
tlement with the tamping number are shown in Fig. 11.

Fig. 9 Relationship curve between cumulative soil pressure incremental and number of roller
passes of each layer

Table 2 Double index values of each layer

Rolling
times

Two indexes Standard
layer
(800 mm)

Layer 1
(1000 mm)

Layer 2
(1200 mm)

Layer 3
(1500 mm)

8 Cumulative surface
settlement ratio/%

14.1 14.6 13.1 11.6

Cumulative soil
pressure increment/
kPa

25.0 25.7 7.2 4.3
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As shown in Fig. 11, with the increase in tamping number, the tamping settle-
ment decreases gradually and reaches the standard of stop tamping after eight hits.
When the rockfill embankment reached the solid state by DC, the cumulative
tamping settlement is 932 mm.

The rules of fills vertical displacement under different compaction distances with
the depth are shown in Fig. 12.

As shown in Fig. 12, the magnetic cores settlement approaches 0 at different
depths when the compaction point is at the distance of 5.5 m from the subsidence

Fig. 10 RC quality evaluation system of rockfill embankment

Se
ttl

em
en

t/m
m

Tamping number

average settlement of three tamping points
cumulative settlement

Fig. 11 Relationship curve between settlement and tamping number
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pipe. When the compaction point is at the distance of 4.5 m from the subsidence
pipe, the magnetic cores produce a small settlement only at the depth of 4.5–5.0 m
and it shows that the horizontal influence scope of DC is limited and about 4.5 m.
When the compaction points are at the distance of 3.5, 2.5 m from the subsidence
pipe, the magnetic cores settlement decreases obviously with the depth and the
magnetic cores settlement tends to 0 at the depth of 4.7–5.0 m. The effective
improvement depth of DC is about 4.7–5.0 m, which can be obtained by analyzing
the rule of magnetic cores settlement with the depth.

The rules of dynamic stress dispersion and decay with the depth are shown in
Fig. 13.

As shown in Fig. 13, the peak dynamic stress decreases gradually with the
increase in compaction point distance at the same depth, it shows that the impact of
energy dispersion decays gradually in the form of a wave. When the compaction
point is at a distance of 5.5 m from the inclinometer pipe, the dynamic stress peak
approached 0 at different depths. When the compaction point distance from incli-
nometer pipe is 4.5 m, the dynamic stress peak is 11 kPa at the depth of 4.2 and
quickly decays to 0 with the depth increase. When the compaction point is at a

Fig. 12 Magnetic cores vertical displacement–depth curves

Fig. 13 Dynamic stress peak–depth curves
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distance of 3.5, 2.5 m from the inclinometer pipe, the dynamic stress peak is biggest
at the depth of 3.0, 1.5 m and decreases gradually with the depth, as the dynamic
stress peak decays to 0 at the depth of 6.0 m. The effective improvement depth of
DC is about 5.0–5.3 m, which can be obtained by analyzing the rule of dynamic
stress peak decay with the depth.

Figure 14 shows the time–dynamic stress curves of different depths when the
compaction point is at a distance of 2.5 m from the inclinometer pipe.

As shown in Fig. 14, the dynamic stress wave is a peak and has no second stress
wave, the continuous time of dynamic stress wave is very short, which is only about
0.02 s. The peak value decays quickly with the depth and the dynamic stress peak is
5 kPa at the depth of 6.0 m, which only accounts for the dynamic stress peak at a
depth of 1.5 m which is only 2.5%.

4.3 Dynamic Compaction Effect Evaluation

According to Eqs. 4 and 6 and Table 3, the porosity and the filler density change
amplitude after DC can be calculated to evaluate the DC effect.

Before DC, the initial porosity of rockfill embankment is difficult to determine.
Substituting the initial porosity is between 20 and 60%. According to Eq. 4, the
proportion of the porosity after DC that accounted for the initial porosity can be
calculated. Figure 15 shows the relationship between the porosity change amplitude
(Dg) and the initial porosity (g0).

As shown in Fig. 15, with the initial porosity increase, the Dg increases grad-
ually. But, even if the initial porosity reached 60%, the proportion of the porosity

Fig. 14 Time–dynamic stress curves of different depths
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after DC that accounted for the initial porosity is only 22.13%. It suggests that the
DC effect is significant, the porosity after DC decreases significantly. In addition,
the filler density increases the amplitude after DC reached 22.9%. The calculation
results show that porosity reduced significantly and the filler density increases
significantly, the rockfill particles in the effective improvement zone reaches a good
solid state.

5 Conclusions

In this study, R-DC technology has been used to control the filling quality of
rockfill embankment. By the in situ experiments of RC and DC, the following
results can be concluded:

(1) For rockfill embankment, the two indexes of RC quality evaluation are pro-
posed and the maximum paving thickness is determined as 1000 mm by the RC
quality evaluation system.

Table 3 Construction
parameters of DC

Parameter Value

Tamping settlement h/m 0.932

Improvement depth H/m 5.0

Compaction spacing S/m 4.5

Rammer diameter D/m 2.3

Fig. 15 Relationship between the Dg and the initial void ratio (g0)
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(2) The construction parameters of layered filling were obtained. The control
particle size is 500 mm, the paving thickness is 1000 m, and the number of
rolling times is 8 with 600 kN vibration force.

(3) Under the compact energy of 3000 kN m, the effective improvement depth of
DC is about 5.0 m. The construction parameters of DC are obtained, the
compact distance is 4.5 m, and the number of compact times is 8.

(4) After DC, even if the initial porosity is 60%, the porosity after DC is only
22.13% which accounts for the initial porosity, the filler density increases
amplitude after DC reached 22.9%, which can meet the specification
requirement.

(5) It is based on the maximum paving thickness of layered filling and the effective
improvement depth of dynamic compaction. The high rockfill embankment
filling of Pan-Xing highway is in Guizhou Province, China. According to the
construction parameters of RC and DC, in controlling the filling quality, the
layered paving thickness is 1000 mm for vibration rolling and after filling five
layers DC is conducted.
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Prediction Model for Mechanical
Properties of Iron Ore Tailings Recycled
Concrete Based on Foundation
Treatment

Hong-huan Cui , Xin Yang , Pan-pan Wang , Chen Xing
and Zi-lin Yan

Abstract Iron tailings and construction waste are products of rapid economic
development and rapid urbanization in our country. How to effectively use them is
related to the positive development of China’s ecological environment, economy
and engineering construction. To fully develop iron ore tailings and construction
wastes, the prediction model of mechanical properties of iron ore tailings recycled
concrete and its influence weights of the three factors are clearly defined in the
foundation treatment project. This article also takes control factors for the com-
pressive strength of iron ore tailings recycled concrete as the entry point.
Single-factor test is conducted. Based on test results, the test is carried out
according to the principle of quadratic orthogonal regression design. Through fif-
teen groups of compressive strength tests, a prediction model for the compressive
strength of recycled iron concrete is established. SPSS software is used for a
stepwise regression analysis of each factor’s significance model to determine the
weight relationship based on the factors that affect the compressive strength of the
recycled iron ore tailings of foundations. Results show that water–cement ratio and
additional water volume have an inhibitory effect on the compressive strength of
iron tailing ore recycled concrete. Impact of iron tailings content on compressive
strength firstly decreases and then increases. Slump of iron ore tailings recycled
concrete is significantly affected by the iron tailings content, water–cement ratio and
additional water volume. When the iron tailings content reaches 100% and the
additional water consumption exceeds 60%, the slump is not within the control
range; the weights of factors affecting the compressive strength of recycled concrete
from iron ore tailings include water–cement ratio x2 (2.613), additional water x3
(1.422), x2

2 (1.171), x1
2 (0.846), iron tailings content x1 (0.623), interaction between

iron tailings and additional water x1x3 (0.432).
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Keywords Foundation treatment � Iron tailings recycled concrete � Prediction
model

1 Introduction

Iron tailings and construction waste are products of rapid economic growth and rapid
urbanization in China. Due to the immature nature of recycling technology, iron ore
tailings and construction waste disposal methods are mainly transported to
peri-urban areas for disposal and landfill. This method not only wastes land
resources but also causes secondary pollution, which is inconsistent with the
requirements of China’s sustainable development and green development strategies.
At present, the main researches on recycled concrete are focused on the performance
index of recycled aggregates, the mix ratio of recycled concrete, work performance,
mechanical properties and durability [1–7]. There are fewer researches on the
application of iron tailings to recycled concrete for the foundation treatment project.
Researches on the prediction model, sensitive parameters and influence weight of its
mechanical properties are relatively scarce [8–11]. Therefore, to do the secondary
development of iron tailings and construction waste, under the premise of meeting
the compressive strength of C25 applied to the foundation, under interactions of
controllable compressive strength factors including iron tailings content, water–
cement ratio and additional water supply, it is necessary to do the prediction model
and sensitive parameters of the iron ore tailings recycled concrete mechanical
properties in the actual foundation treatment research.

To provide a technical theoretical basis for the foundation treatment design, this
article does multi-factor compressive strength test using the quadratic regression
orthogonal design method based on the iron ore tailings recycled concrete and
results of the single-factor compressive strength tests. A prediction model for the
mechanical properties of iron ore tailings recycled concrete is established to explore
the effective prediction model and sensitive parameters of the mechanical properties
of iron ore tailings recycled concrete based on foundation treatment. At the same
time, it improves the controlling indications of the iron tailings recycled concrete
based on foundation treatment design index.

2 Introduction to Tests

2.1 Test Materials

The recycled aggregate is derived from the demolition of abandoned concrete in a
certain block of Zhangjiakou (the original coarse aggregate is gravel). The natural
aggregate is gravel produced by a quarry in Zhangjiakou. Results of the basic
physical performance test are shown in Table 1.
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It can be seen from Table 1 that the apparent density and bulk density of
recycled aggregate in the test are lower than natural aggregates. The moisture
content, water absorption and crushing index are all higher than natural aggregates.
These test results are consistent with other literature results [12, 13]. Construction
waste has absorbed a large amount of water during the mixing process. Even if it is
decommissioned for a long time, its water content is still high. In addition, the
recycled aggregate can form a large number of cracks on the inside and surface
during the crushing process. A large amount of cement mortar is wrapped on the
surface and these factors caused the recycled aggregate to have higher water
absorption, moisture content and crushing index than natural aggregates.

Iron tailings are from iron tailings in Zhangjiakou of Hebei Province. The iron
ore is hematite and the main mineral composition is quartz, followed by pyroxene,
hornblende and clay. The chemical composition analysis results are shown in
Table 2. The sand is river sand, and sieving particles are with a particle size over
4.75. Basic physical properties of fine sand and iron tailings are shown in Table 3.
The cement is from the Jinbo Cement Factory with P�O32.5. The water is tap water.

2.2 Mix Design

The concrete design strength is C25. By referring to the “General Concrete Mixing
Ratio Design Specification” JGJ 55-2011 [14], the ordinary concrete mix ratio is
determined as shown in Table 4. The slump control is 60–80 mm.

Table 1 Basic physical properties of coarse aggregates

Aggregate
type

Apparent
density/
(kg m−3)

Bulk density/
(kg m−3)

Water
absorption/%

Moisture
content/%

Crushing
index/%

Recycled aggregate 2431 1403 5.38 2.07 14.5

Natural aggregate 2580 1694 0.89 0.59 7.8

Table 2 Chemical composition of iron tailings

Compounds SiO2 CaO Fe2O3 AL2O3 MgO SO3 TiO2

Content/% 27.28 5.05 42.41 9.20 4.35 2.21 0.47

Table 3 Basic physical properties of fine aggregate

Aggregate
type

Apparent density/
(kg m−3)

Water
absorption/%

Water
content/%

Bulk density/
(kg m−3)

Fine sand 2565.6 1.82 0.45 1583.1

Iron tailings 2895.8 2.37 0.30 1597.4
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According to the analysis of Tables 1 and 3, if the design proportion of the iron
tailings recycled concrete is based on the “General Concrete Mixing Ratio Design
Specification” JGJ 55-2011, the working performance will be significantly reduced.
Therefore, the preparation of iron tailings recycled concrete needs to increase the
amount of water consumption on the basis of the amount of water for ordinary
concrete units. This part of the amount of water is called the amount of additional
water. With references to previous studies on the unit water consumption of
recycled concrete [12, 13], based on basic properties of tailings and recycled
aggregates, the mathematical formula for defining the 24-h water absorption of iron
tailings is as follows:

Dw ¼ MRA � SRA � xRAð Þ � SOA � xOAð Þ½ � þMRB

� SRB � xRBð Þ � SOB � xOBð Þ½ �

In the formula,

MRA recycled aggregate quality,
SRA water absorption of recycled aggregates,
SOA 24-h natural aggregate water absorption,
xRA moisture content of recycled aggregates,
xOA 24-h moisture content of natural aggregates,
MRB quality of iron tailings,
SRB 24-h iron tailings water absorption rate,
SOB 24-h natural sand absorption rate,
xRB iron tailings moisture content,
xOB natural sand moisture content;

3 Analysis of Single-Factor Test Program and Results

3.1 Test Program of Iron Tailings Recycled Concrete
Under a Single Factor

To determine the influence of each single factor on the slump and compressive
strength of iron ore tailings recycled concrete and the range of values of each factor
in the design of quadratic orthogonal combination experiments, the design of
single-factor scheme and cooperation is as follows:

Table 4 Ordinary concrete mix ratio/(kg m−3)

Water–cement ratio Sand rate/% Coarse aggregate Fine aggregate Cement Water

0.52 32 1160.7 546.2 423.08 220
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(1) The effect of iron tailings addition on the slump and compressive strength of
recycled concrete is studied. The ratio of water to cement is 0.52 and the amount of
additional water is 30% of the amount of 24-h water absorption. The amount of iron
tailings is set 0% ! 20% ! 40% ! 60% ! 80% ! 100% to the total amount
of fine aggregate. (2) The effect of the water–cement ratio on the slump and
compressive strength of recycled concrete is studied. The amount of additional
water is selected as 30% of the 24-h water absorption. The water–cement ratio is
0.47, 0.52 and 0.57, respectively, with reference to the specification “General
Concrete Mixing Ratio Design Specification” JGJ 55-2011. (3) The effect of
additional water volume on the slump and compressive strength of recycled con-
crete is determined. The ratio of water to dust is 0.52. The amount of additional
water is set to 0% ! 30% ! 60% ! 100% of the 24-h water absorption.

3.2 Test Results and Analysis

With changes in the number of iron tailings, the change trend of the compressive
strength and slump of iron tailing reclaimed concrete is shown in Figs. 1 and 2.

Figure 1 shows that when the iron tailings content is between 0 and 40%, the
compressive strength of the concrete decreases with the increase in the iron tailings.
It decreases to a minimum when the content of the iron tailings reaches 40%. The
amount of iron tailings continues to increase and the compressive strength of
concrete rebounds. When the iron tailings content reaches 60%, the compressive
strength of concrete reaches its peak. After that, when the content of iron tailings
continues to increase, the compressive strength of concrete firstly decreases and
then increases.

From Table 3 and Fig. 2, it can be seen that as the iron tailings content increases,
the slump decreases continuously. This is due to the very fine grain size of the iron
tailings and the relatively large surface area. At the same time, there is higher water
absorption and lower moisture content. As a result, the water demand for recycled
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Fig. 1 Curves of compressive strength with iron tailings content
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concrete is high, and the actual amount of recycled concrete used in mixing iron
tailings is reduced. The slump is reduced.

The main reason for this phenomenon is that a large number of cracks and edges
and corners are generated during the crushing process of recycled aggregates. These
cracks and corners make the compactness of the concrete during the mixing and the
vibrating process becomes lower. The iron tailings in the experiment are very fine in
comparison with fine sand. Even if the size of the fine sand particles exceeds
4.75 mm, the size of the iron tailings is still small. Therefore, when the amount of
iron tailings reaches a certain level in the process of concrete preparation, the cracks
between the recycled aggregate itself and gaps between the edges of the recycled
aggregate can be filled. It can increase the overall compactness of the concrete and
the compressing strength is improved. However, when the iron tailings content is
fewer between 0 and 40%, the iron tailings cannot fully fill these gaps. Because the
iron tailings have extremely fine grain diameter, the substituting sand reduces the
content of fine stones in fine sand and reduces the compressive strength. Similarly,
when the content of iron tailings is high, that is, when the content of iron tailings is
between 60 and 100%, although most of the cracks and crevices of reclaimed
aggregates can be filled, the fine stones in most of the fine sands are also replaced
and the compressive strength is reduced. When the iron tailings content exceeds
60%, the iron tailings take accounts of most of the fine aggregate. The overall
surface area of the fine aggregate is increased and the water absorption rate is
increased. The water requirement becomes larger. In fact, the concrete with fewer
iron tailings has a higher degree of cohesion. These reasons lead to the higher
compressive strength of concrete with higher iron tailings than others (Fig. 3).

With the change of water–cement ratio, the change curves of compressive
strength and slump of recycled concrete of iron tailings are shown in Figs. 4 and 5.
It can be seen from the figure that the compressive strength of concrete decreases
with the increase in water–cement ratio. With the increase in the ratio of water to
cement, the cohesiveness of recycled concrete relative to iron ore tailings actually
decreases. The compressive strength decreases and the slump increases.
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Fig. 2 Curve of a slump with iron tailings content
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(a) Iron tailings content 0%     (b) Iron tailings content 20% (c) Iron tailings content 40%

(d) Iron tailings content 60%   (e) Iron tailings content 80%            (f) Iron tailings content 100%

Fig. 3 Test plots of compressive strength of different iron tailings

20.0

25.0

30.0

35.0

40.0

0.47 0.52 0.57C
om

pr
es

si
ve

 s
tre

ng
th

/M
pa

Water-cement ratio

Iron tailings content 20%
Iron tailings content 80%

Fig. 4 Curve of compressive strength with a water–cement ratio
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As the amount of additional water changes, the change curves of compressive
strength and slump of recycled concrete for iron ore tailings are shown in Figs. 6
and 7. It can be seen from the figure that the additional water volume has an
obvious effect on the compressive strength of recycled concrete for iron tailings.
With the increase in the amount of additional water, the compressive strength shows
a trend of decrease and the slump increases.

4 Quadratic Orthogonal Combinatorial Test Program
and Compressive Strength Prediction Model

4.1 Test Program

To give the mechanical performance index of iron ore tailings recycled concrete
based on high-speed railway foundation, according to the results of single-factor
test, the test is arranged according to the quadratic regression orthogonal design
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method. The iron tailings content is designed based on 20 and 80%. The water–
cement ratio is based on a 0.52 with an adjustment amount of 0.05. The additional
water is mainly referenced to the concrete work performance, based on 0 and 60%.
Test factors and levels are shown in Table 5. A total of three factors are selected for
the iron tailings recycled concrete, and each factor corresponds to five levels. There
is the need to do 15 groups of tests in total, and three parallel tests are conducted for
each group of test.

4.2 Compressive Strength Prediction Model

According to the quadratic regression orthogonal combinatorial design principle
[15], the quadratic regression orthogonal computational design is obtained in
Table 6. In Table 6, zi, zizj, zi′ are, respectively, expressed as a term, an interaction,
and the coding factor of the center change item of the quadratic term zi

2 (i = 1, 2, 3;
k = 1, 2, 3). From Table 6, the compressive strength can be obtained by regression
Eq. (1). The quadratic regression analysis of variance is shown in Table 7.

The compressive strength can be expressed as:

Y ¼ 32:881þ 0:578z1 � 2:654z2 � 2:428z3 þ 0:175z1z2
þ 0:500z1z3 þ 0:075z2z3 � 1:349z01 � 1:450z02 � 0:012z03

R2
1 ¼ 0:993

ð1Þ

where Y is the compressive strength, z0i ¼ z2i � 2p þ 2c2ð Þ=n, p ¼ 3, n is the total
sample, n ¼ 15, c ¼ 1:215; R2 is the fitting degree. For the significant level,
a ¼ 0:05, F0:05 9; 5ð Þ ¼ 4:77, F0:05 1; 5ð Þ ¼ 6:61. Analyzing Table 7 from the
analysis of the compressive strength quadratic regression analysis, we can see that
F0:05 9; 5ð Þ ¼ 4:77\76:156. It explains that the regression equation obtained from
the compressive strength reaches the level of significance and the equation is
meaningful. Among them, the F values of z1, z2, z3, z1z3, z1′ and z2′ are all greater
than F0:05 1; 5ð Þ ¼ 6:61. There are six factors in all that reach the significance level.

Table 5 Test factors’ level

Influencing factors Iron tailings content/% Water–cement ratio Additional water/%

Parameter X1 X3 X2

Upper asterisk arm (+1.215) 80 0.57 60

Upper level (+1) 74.69 0.56 54.69

Zero level (0) 50 0.52 30

Lower level (−1) 25.31 0.48 5.31

Lower asterisk arm (−1.215) 20 0.47 0

Change spacing (Δ) 24.69 0.04 24.69
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If the F values of z1z2, z2z3 and z3′ are all less than F0:05 1; 5ð Þ ¼ 6:61, the three
factors do not reach the level of significance. The equation needs to be revised.

From the orthogonality of the experimental design, it can be seen that the
regression coefficient of each experiment, that is, the F value is irrelevant. The less
significant variables can be directly deleted, which does not affect the regression
coefficients of other variables. The squared sum of the partial regressions of the
insignificant variables is added to the sum of squared residuals for the second

Table 6 Quadratic regression orthogonal calculation

Test
number

z1 z2 z3 z1z2 z1z3 z2z3 z1′ z2′ z3′ Measured
intensity/
Mpa

1 1 1 1 1 1 1 0.270 0.270 0.270 28.7

2 1 1 −1 1 −1 −1 0.270 0.270 0.270 32.2

3 1 −1 1 −1 1 −1 0.270 0.270 0.270 33.2

4 1 −1 −1 −1 −1 1 0.270 0.270 0.270 37.1

5 −1 1 1 −1 −1 1 0.270 0.270 0.270 25.9

6 −1 1 −1 −1 1 −1 0.270 0.270 0.270 31.5

7 −1 −1 1 1 −1 −1 0.270 0.270 0.270 31.2

8 −1 −1 −1 1 1 1 0.270 0.270 0.270 37

9 1.215 0 0 0 0 0 0.747 −0.730 −0.730 33.3

10 −1.215 0 0 0 0 0 0.747 −0.730 −0.730 32.7

11 0 1.215 0 0 0 0 −0.730 0.747 −0.730 29.2

12 0 −1.215 0 0 0 0 −0.730 0.747 −0.730 36.5

13 0 0 1.215 0 0 0 −0.730 −0.730 0.747 31.8

14 0 0 −1.215 0 0 0 −0.730 −0.730 0.747 38.2

15 0 0 0 0 0 0 −0.730 −0.730 −0.730 34.7

Table 7 Quadratic regression analysis of compressive strength

Parameters SS Df MS F

z1 3.657 1 3.657 15.220

z2 77.155 1 77.155 321.077

z3 64.486 1 64.486 268.357

z1z2 0.245 1 0.245 1.020

z1z3 2.000 1 2.000 8.323

z2z3 0.045 1 0.045 0.187

z1′ 7.935 1 7.935 33.023

z2′ 9.176 1 9.176 38.184

z3′ 0.000 1 0.000 0.001

Regression 164.702 9 18.300 76.156

Residual 1.202 5 0.240

sum 165.904 14
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analysis of variance, as shown in Table 8. The revised regression equation can be
expressed as:

Y ¼ 32:881þ 0:578z1 � 2:654z2 � 2:428z3 þ 0:500z1z3 � 1:349z01 � 1:450z02
R2
2 ¼ 0:991

ð2Þ

The significance level a ¼ 0:05, F0:05 6; 8ð Þ ¼ 3:58, F0:05 1; 8ð Þ ¼ 5:32.
As can be seen from Table 8, F0:05 6; 8ð Þ ¼ 3:58\146:963. It shows that the

regression equation of compressive strength reaches the level of significance and
Eq. (2) has significance. And all F values are greater than F0:05 1; 8ð Þ ¼ 5:32. The
regression coefficients all reached a significant level. A new F is constructed, that is,

F ¼ R2
1�R2

2ð Þ= k1�k2ð Þ
1�R2

1ð Þ= n�k1�1ð Þ. R1
2, R2

2, respectively, are the fitness of the regression Eqs. (1)

and (2); k1, k2 are the number of independent variables of Eqs. (1) and (2). F value
conforms to the degree of freedom of F with the amount of k1 � k2 and n� k1 � 1.
F ¼ 0:476\F0:05 3; 5ð Þ ¼ 5:41. That is, deleting three insignificant factors has a
significant effect on the regression equation. According to the coding for-
mula:z1 ¼ x1�50

24:69 , z2 ¼ x3�0:52
0:04 , z3 ¼ x2�30

24:69 , the actual calculated value of compressive
strength regression equation is obtained.

�Y ¼ �165:571þ 0:220x1 þ 825:752x2 � 0:139x3 þ 0:001x1x3 � 0:002x21 � 856:024x22
R2 ¼ 0:991

ð3Þ

In the formula, �Y is the actual compressive strength of the factor. x1 is the actual
value of the factor of iron tailings. x2 is the ratio of the actual value of water to dust.
x3 is the actual value of the factor added water. x1x3 is the interaction between iron
tailings content and additional water volume. x1

2 is the actual value of the factor iron

Table 8 Quadratic regression analysis of variance after compressive strength correction

Parameters SS Df MS F

z1 3.657 1 3.657 19.615

z2 77.155 1 77.155 413.800

z3 64.486 1 64.486 345.855

z1z3 2.000 1 2.000 10.726

z1′ 7.935 1 7.935 42.560

z2′ 9.176 1 9.176 49.211

Regression 164.412 6 27.402 146.963

Residual 1.492 8 0.186

Sum 165.904 14
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tailings addition quadratic term. x2
2 is the factor actual value water–cement ratio

quadratic term.
Figure 8 shows the difference between the compressive strength budget value

and the measured value. It can be seen from Fig. 8 that the difference between the
calculated value and the measured value of the compressive strength of the iron ore
tailings recycled concrete is between −0.3 and 2.1 Mpa. The prediction model is
good.

4.3 Analysis of Sensitive Parameters of Compressive
Strength of Iron Tailings Recycled Concrete

The compressive strength prediction model contains a total of six significant fac-
tors. The significance model is obtained by stepwise regression analysis of various
factors by the SPSS software. The significance model is shown in Table 9.

R2 is the fitting degree, which means that the fitted compressive strength pre-
diction model interprets the percentage change of the dependent variable. From the
above table, it can be seen that in model 1 of water–cement ratio and constant
construction, R2 ¼ 0:465. After adjustment, R2 ¼ 0:424. It shows that the water–
cement ratio is the main factor of compressive strength. At the same time, it can be
seen from the adjustment of R2 that the factors affecting the compressive strength of
recycled concrete of iron ore tailings are ranked according to sensitivity, including
water–cement ratio x2, additional water volume x3, water–cement ratio x2

2, and iron
tailings volume x1

2, iron tailings x1, and the interaction between iron tailings and
additional water x1x3. The impact weights are 2.613, 1.422, 1.171, 0.846, 0.623
and 0.432.
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5 Conclusion

(1) Through single-factor tests, water–cement ratio and additional water volume
have an inhibitory effect on the compressive strength of iron tailing ore recycled
concrete. The impact of iron tailings content on compressive strength firstly
decreases and then increases. The slump of iron ore tailings recycled concrete is
significantly affected by the iron tailings content, water–cement ratio and
additional water volume. When the iron tailings content reaches 100% and the
additional water consumption exceeds 60%, the slump is not within the control
range.

(2) Based on the quadratic orthogonal combination design, a prediction model for
iron ore tailings reclaimed concrete suitable for foundation treatment is estab-
lished. It provides a certain technical reference for secondary development of
iron tailings and waste concrete and its application to the foundation treatment
engineering.

(3) The compressive strength of reclaimed concrete affected by iron tailings is
ranked in order of significance: water–cement ratio x2, additional water volume
x3, water–cement ratio quadratic item x2

2, iron tailings quantity second item x1
2,

the iron tailings amount x1 and the interaction x1x3 between the iron tailings and
the additional water. The impact weights are: 2.613, 1.422, 1.171, 0.846, 0.623
and 0.432.

Acknowledgements This paper is supported by the Hebei Provincial Department of Education
Key Project (No.ZD2018101) and the Hebei University of Architecture Graduate Innovation Fund
(No.XB201811).

Table 9 Summary of compressive strength models

Model R R2 Adjusting
R2

Standard
error of
the
estimate

Change statistics

Adjustment
of R2

Changes
in F

df1 df2 Significant
F value
change

1 0.682 0.465 0.424 2.613 0.465 11.302 1 13 0.005

2 0.924 0.854 0.829 1.422 0.389 31.894 1 12 0.000

3 0.953 0.909 0.884 1.171 0.055 6.693 1 11 0.025

4 0.978 0.957 0.940 0.846 0.048 11.100 1 10 0.008

5 0.989 0.979 0.967 0.623 0.022 9.427 1 9 0.013

6 0.995 0.991 0.984 0.432 0.012 10.726 1 8 0.011

NoteModel 1 predictor: water–cement ratio x2; model 2 predictor: water–cement ratio x2, additional water x3;
model 3 predictor: water–cement ratio x2, additional water x3, x2

2, x1
2; model 4 predictor: water–cement ratio

x2, additional water quantity x3, x2
2, x1

2; model 5 predictive variables: water–cement ratio x2, additional water
quantity x3, x2

2, x1
2, iron tailings quantity x1; model 6 predictor variable: water–cement ratio x2, additional

water quantity x3, x2
2, x1

2, iron tailings content x1, x1x3
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Dynamic Impendence of Pile Group
Foundation of Bridge Based
on the TLM-PML-VM Method

Yanmei Cao and Pan Wu

Abstract A semi-analytical and semi-numerical method based on TLM-PML-VM
is developed to study the dynamic impedance of the pile group foundation. The
Green’s function and the dynamic characteristics of layered subsoil are studied
theoretically by adopting the thin layer method (TLM) with the boundary of per-
fectly matched layer (PML), and then a dynamic analysis model of the pile group
foundation with pile caps and foundation soil is established by utilizing the prin-
ciple of the volumetric method (VM). By combining the TLM-PML and the VM,
the dynamic impedance function of the pile group foundation is deduced and
verified by a case. The proposed method can not only be applied to solve the
layered soil with complex geometrical shapes, but also it need not expand the
calculation zone along the horizontal direction with good calculation efficiency.

Keywords Dynamic impedance � Pile group foundation � TLM-PML-VM

1 Introduction

The pile group foundation is most commonly used in bridge engineering, and it
plays an important role in supporting the bridge piers and superstructure. So the
study on the vibration characteristics of the pile group foundation subjected to
dynamic loads has been paid more and more attention [1–4], in which the solution
of dynamic impedance function of foundation is very crucial. Nowadays, the
research methods of foundation dynamic characteristics mainly focus on the
numerical analysis and the simplified calculation based on dynamic Winkler
foundation. Kaynia studied the dynamic problem of the pile group foundation by
means of boundary integral method [5], and the obtained solution had often been
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regarded to be exact. However, there were some disadvantages in his research, for
example, the calculation efficiency is a bit low due to the full rank of coefficient
matrix, and it has discrete boundary, which is not suitable for complex geometrical
problem. Ai et al. modified the coefficient matrix to be sparse matrix by using the
finite element method (FEM) and improved the calculation efficiency [6], but the
FEM has limitation because of the problem of calculation range and boundary
conditions. Takemiya deduced the pile–soil dynamic interaction based on the
volume method and the fundamental solution obtained by the thin layer method [7],
but the solving accuracy is influenced by the wave incident into elastic–damper
boundary condition. Huang adopted the simplified method of dynamic Winkler
subsoil beam and derived the coefficients of pile–soil dynamic interaction by means
of the transfer matrix method [8], which can improve the calculation efficiency but
decrease the accuracy of the results.

In this paper, a semi-analytical and semi-numerical method based on
TLM-PML-VM is developed, which can be used to analyze the dynamic impedance
and vibration characteristics of the pile group foundation systematically and effi-
ciently. The proposed method can not only be applied to solve the layered soil with
complex geometrical shapes, but also the PML absorbing boundary condition is
adopted only at the bottom of subsoil half-space, which has more advantages than
other absorbing boundaries [9]. Furthermore, it need not expand the calculation
zone along the horizontal direction and the calculation efficiency is prior to the
boundary element method.

2 Green’s Function of Subsoil Displacement
by TLM-PML

2.1 TLM Soil Model

The soil model is established by means of the thin layer method (TLM) in the
cylindrical coordinate system, as shown in Fig. 1.

In the frequency domain, the governed equation of soil motion can be written as:

kþ lð Þ @D
@r

þ l r2�ur � 1
r

2
r
@�uh
@h

þ �ur
r

� �� �
¼ qx2�ur

kþ lð Þ @D
r@h

þ l r2�uh � 1
r

�uh
r
� 2

r
@�ur
@h

� �� �
¼ qx2�uh

kþ lð Þ @D
@z

þ lr2�uz ¼ qx2�uz;

ð1Þ
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in which �ur,�uh, and �uz are the radius, rotation, and vertical displacements of the soil,
respectively; q is the density of the soil; k and l are Lamé coefficients; D is the
volumetric strain; r2 is the Laplace operator; and x is the angular frequency of
excitation.

By means of Fourier–Bessel integral transformation, Eq. (1) can be transformed
into the wave number–frequency domain:

kþ 2lð Þk2r ~ur � l
d2~ur
dz2

þ kr kþ lð Þ d~uz
dz

¼ qx2~ur

lk2r ~uh � l
d2~uh
dz2

¼ qx2~uh

� kr kþ lð Þ d~ur
dz

þ k2rl~uz � kþ 2lð Þ d
2~uz
dz2

¼ qx2~uz:

ð2Þ

By means of the principle of TLM [10] and the Galerkin weighted residual
method, the stiffness matrix of single layer in frequency–wave number domain can
be obtained from Eq. (2). Then, the total stiffness matrix of thin layers can be
obtained by assembling all the element matrices of the thin layers, and thus the
Green’s function of soil displacement in frequency–wave number domain can be
deduced by spectral factorization of total stiffness matrix. Finally, the Green’s
function in frequency–spatial domain and Cartesian coordinate can be derived by
Fourier–Bessel inverse transformation and coordinate conversion, as shown in
Eq. (3):

PML 
boundary

Thin-layer element

n-th layer

x
y

Fig. 1 TLM soil model of elastic half-space in cylindrical coordinate
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in which Umn
ab represents the displacement Green’s function of the mth layer soil

along a-direction induced by the unit load that applies to the nth layer along b-
direction; Inj (n = 1, 2, …, 6) are the Kernels of fundamental solutions, which are

listed in Table 1; Hð2Þ
0 ðZjÞ and Hð2Þ

1 ðZjÞ are the second-kind Hankel functions; kRj,
/m
xj, and /m

zj are, respectively, the jth eigenvalue and eigenvector of the mth layer
subsoil for the Rayleigh wave, while /m

yj means the jth eigenvector for the Love
wave.

Table 1 Kernels of fundamental solutions

Zj ¼ kjr r ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffi
x2 þ y2
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2.2 TLM Soil Model with PML Boundary

The perfectly matched layer (PML) is a kind of special boundary condition which
can absorb or transmit wave energy to avoid wave reflection from soil boundaries.
The boundary can make incoming wave energy gradually vanish by means of
stretching an outward absorbing layer with specific depth. Herein, a complex
scaling function is introduced, and then the complex stretching function can be
obtained so that the wave energy within the PML boundary can attenuate expo-
nentially to zero [11, 12].

An elastic–homogeneous subsoil layer with the depth H is considered, and the
SH wave propagating with the velocity of Cs is assumed to transmit in the soil layer
(Fig. 2).

In order to match with TLM, the coordinate z with the PML region is changed to
the complex form, i.e., �z ¼ z� iWðzÞ, in which the real part is the actual depth of
PML boundary layer and the imaginary part is defined by a position-dependent

function of WðzÞ ¼ x0H
xðmþ 1Þ

z
H

� �mþ 1¼ XHfmþ 1 with x0 controlling the energy

absorbing of incoming wave and m being variation ratio of stretching function in
PML. Then, the stretched vertical coordinate can be written by �z ¼ zð1� iXfmÞ,
and thus the complex form of PML depth H is �H ¼ Hð1� iXÞ.

Since the incoming wave into the PML region at the incident angle a can be
expressed by uðx; z; tÞ ¼ A exp iðxt � x x

C sin a� z xC cos aÞ
� �

, the total back–forth
attenuation of wave energy can be derived as D ¼ exp �2xX H

C cos a
� �

¼ exp �4pXg cos að Þ, in which g ¼ H=k is the ratio of PML depth to wavelength of
incident wave.

The PML is supposed to be equally divided into N thin layers, and the stretched
depth of the jth thin layer is:

�hj ¼ �zj � �zj�1 ¼ H
1
N
� iX

j
N

� �mþ 1

þ j� 1
N

� �mþ 1
" #( )

ð1� j�NÞ: ð4Þ

θneg=π-θpos

z

H

θpos

o

PML region

Fig. 2 Wave propagation within the PML region
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The element matrix of the PML thin layer can be obtained by substituting hj by �hj.
Since the PML thin layer adjacent to the TLM has the discrete property, the virtual
reflection will be induced by sublayer depth variations and furthermore it increases
with X. Therefore, X is generally evaluated from the larger values to get enough
attenuation, and the following values are considered as the most optimal [13]:

m ¼ 2; g ¼ H
ks

¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1
12

xmax


ks

3

s
� 1; X ¼ 4g; nN ¼ 10g; ð5Þ

where N is the total thin layer number in PML; n is the times of interpolation shape
functions; and xmax is the maximum distance away from observation point along the
x-direction.

3 Dynamic Impedance of pile group Foundation
of Bridge by the TLM-PML-VM

The dynamic analysis model of the pile group foundation–subsoil is shown in
Fig. 3, in which the coupled model of the pile group foundation and subsoil can be
equivalent to the superposition of three parts: complete subsoil, pile group foun-
dation, and eliminated soil of pile group foundation, which is called the volume
method (VM).

Firstly, for the layered subsoil model (1) in Fig. 3, it is divided into many
thin-layer elements in the vertical direction, and the nodes are set on those layers
with pile foundation. The stiffness matrix A(ix) of subsoil between adjacent nodes
satisfies the following dynamic equation:

AðixÞuG ¼ FG; ð6Þ

where the subscript “G” means the complete subsoil model (1) in Fig. 3; uG and FG

represent the displacement vector and the interaction force vector of pile–soil
interaction nodes, respectively; A(ix) indicates the influence of subsoil on pile–

Coupled model of pile-group 
foundation and subsoil

(1) Subsoil G
(2) Pile-group 
foundation S

(3) Eliminated soil 
SG by pile-group

Fig. 3 Dynamic analysis model of pile group foundation–subsoil
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subsoil dynamic interaction, which can be calculated by Green’s function of subsoil
displacement based on the TLM-PML described in the above section.

Next, the motion equation of the pile group foundation model (2) and eliminated
soil (3) in Fig. 3 can be expressed by:

KS �KG
S

� �� x2 MS �MG
S

� �� �
uS ¼ FS þFF; ð7Þ

in which the subscript “S” means the pile group foundation model (2) and the
superscript “G” with subscript “S” denotes the eliminated soil model (3); K and
M are stiffness matrix and mass matrix, respectively; uS and FS represent the
displacement vector and the external force vector of pile foundation nodes,
respectively; FF represents the interaction force between subsoil and pile
foundation.

If no any relative slip between pile foundation and subsoil is assumed, the
compatibility condition of displacements and the equilibrium condition of forces
will be met with for adjacent nodes between pile foundation and subsoil, i.e.,

uS ¼ uG FF¼FG: ð8Þ

Assembling Eqs. (6)–(8), one can obtain:

SðixÞuS ¼ FS; ð9Þ

where SðixÞ ¼ KS �KG
S

� �� x2 MS �MG
S

� �� �� �þAðixÞ represents the dynamic
impedance matrix of the pile group foundation without the bridge platform.

Equation (9) can also be expanded as:

S11 S12
S21 S22

� �
u1
u2

( )
¼ F1

F2

( )
: ð10Þ

Generally, there exists the platform upon the pile group foundation for the
bridge. In order to further obtain the relationship of the displacement vector and the
external excitation of the central point of bridge platform, the geometric transfor-
mation matrix of rigid nodes T ¼ T1T2. . .Ti. . .TN½ �T is finally introduced, with Ti

meaning the geometric transformation matrix of the ith rigid node and the central
point of platform. Equation (9) can be transformed as:

P0 ¼ KU0

K ¼ TTðS11 � S12S�1
22 S21ÞT;

ð11Þ

in which P0 is the external excitation force vector applied to the central point of
platform; U0 is the displacement vector of the rigid body; K is the dynamic
impedance matrix of the pile group foundation with the bridge platform.
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Because the elements of K are complex, every complex element can be written
by �K ¼ �kþ i�c, in which the real part �k indicates the contribution of dynamic
stiffness and the imaginary �c means the contribution of damping.

4 Case Study and Validation

The developed TLM-PML-VM can be programmed by MATLAB and thus the
dynamic impedance and the vibration characteristics of the pile group foundation of
bridge can be accomplished.

To validate the effectiveness of this proposed method, a typical case of 3 � 3
pile group foundation is studied. Herein, the dimensionless parameters are adopted
[14]: The ratio of elastic modulus of soil and piles is Es/Ep = 1/100; the density
ratio of soil and piles is qs/qp = 0.7; the Poisson’s ratio of soil and piles is ms = 0.4
and mp = 0.25; the slenderness ratio Lp/d = 20; and the ratio of pile spacing to pile
diameter s/d = 5. Also, herein both the vertical impedance KV and the horizontal
impedance KH are denoted by the form of k + ia0c, where k and c are the mean
stiffness coefficient and damping coefficient, respectively, and a0 = xd/Cs is the
dimensionless frequency.

Figure 4 shows the calculated results by means of the proposed TLM-PML-VM
method and the comparison with Kaynia and Miura [14]. In the figure, the hori-
zontal coordinate is the dimensionless frequency a0 and the vertical coordinate is
also dimensionless with dynamic impedance divided by Npksv (Np is the total
number of piles, ksv is the static stiffness of a single pile in the vertical direction) or
Npksh (ksh is the static stiffness of a single pile in the horizontal direction).

It can be seen from Fig. 4 that the results agree very well with those of Kaynia and
Miura [14], which reflects the effectiveness and correctness of the TLM-PML-VM
method in solving dynamic impedance of the pile group foundation. The proposed
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method can be used to further analyze the vibration characteristics and influencing
factors of pile group foundation vibrations.

5 Conclusions

In this paper, a semi-analytical and semi-numerical method based on
TLM-PML-VM is developed, which can be used to obtain the dynamic impedance
and analyze the vibration characteristics of the pile group foundation systematically
and efficiently.

In the method, the Green’s function and the dynamic characteristics of layered
subsoil model are studied theoretically by adopting the thin layer method
(TLM) with the boundary of perfectly matched layer (PML). A dynamic analysis
model of the pile group foundation with platform and subsoil is established by
utilizing the principle of the volumetric method (VM). By combining the
TLM-PML and the VM, the dynamic impedance matrix of the pile group foun-
dation system is deduced and accomplished.

Finally, the calculated results are compared with the existing results and the
effectiveness and correctness are validated by a case study. The proposed method
can not only be applied to solve the layered soil with complex geometrical shapes,
but also the PML absorbing boundary condition is adopted only in the bottom
half-space of subsoil, which has more advantages than other absorbing boundaries.
Furthermore, it need not expand the calculation zone along the horizontal direction
and the calculation efficient is prior to the boundary element method.

The further research will focus on the vibration characteristics of the pile group
foundation subjected to the dynamic loading.
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Backbone Curve Model of Saturated
Coarse-Grained Soil Under
Train-Induced Cyclic Loading

Rusong Nie, Junli Dong, Wuming Leng, Wenquan Zhou, Yafeng Li
and Huihao Mei

Abstract Deformation of the subgrade bed layer under cyclic dynamic loading is
one of the key factors to evaluate the operating performance of subgrade. To study
the stress–strain characteristics of coarse-grained soil (CGS) under cyclic loading, a
series of large-scale dynamic triaxial tests were carried out at different confining
pressures and dynamic stress amplitudes. Results show that the variation of soil
stiffness is closely related to cyclic number and confining pressure under cyclic
loading. Backbone curve model is developed regarding confining pressure and
cyclic number. Compared with the traditional backbone curve model, the proposed
model can reflect the CGS stiffness hardening with the increasing of cyclic number
and be used to determine the dynamic strength of CGS when the dynamic strain is
less than the dynamic yield strain and to provide a reference for evaluating dynamic
stress deformation stability for subgrade bed and design.

Keywords Coarse-grained soil (CGS) � Cyclic loading � Large-scale dynamic
triaxial tests � Dynamic stress–strain � Backbone curve model

1 Introduction

High-speed passenger and heavy freight transportation are the directions of railway
development in China. The increase in train speeds and axle loads significantly
increases the dynamic loads on the track and substructure. The subgrade is an
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important substructure supporting the track structure, where the subgrade bed layer,
generally 2.5 m thick, includes the surface layer, 0.6 m thick, and the bottom layer,
1.9 m thick. The subgrade bed layer is the main layer bearing the train-induced
dynamic load. In Chinese code (TB 10001-2016), the filling material in the sub-
grade bed layer should be Group A or B or chemically modified soil. Groups A and
B are the coarse-grained soils with fine particles (particle size less than 0.075 mm
or passing No. 200 sieve) less than 15%. The main difference between them is
either good or bad grading. Group A is good grading, and Group B is not. The
subgrade bed layer is the top layer of the subgrade. The soil in this layer is loaded
by the low confining pressure as small as 15 kPa and the train-induced dynamic
load as large as 100 kPa. The train-induced dynamic load is the main factor
affecting the working performance of the soil. Therefore, it is of great theoretical
and practical value to study the dynamic behavior of the coarse-grained soil
(CGS) under different train-induced dynamic loads and confining pressures.

The dynamic behavior of the soil is influenced by three factors including the
dynamic load, the soil state, and the boundary condition [1]. The dynamic load is
generally determined by the amplitude, frequency, and cyclic number. The soil state
is determined by grading, density or compaction degree, water content, etc. The
boundary condition includes confining stress, static deviatoric stress, consolidation
ratio, etc. Numerous researches conducted in the past 60 years significantly
improve the insight into the dynamic behavior of the soil and the design level to
resist dynamic loads [1–9]. However, most researches on soil dynamic behavior are
focused on the fine-grained soil under earthquake loads. There are relatively few
researches on the dynamic behavior of CGS under train-induced loads.

The backbone curve is an important aspect in the study of the dynamic char-
acteristics of soils. It reflects the dynamic stress–strain relationship of soils and
provides the basis for the establishment of the dynamic constitutive relation,
especially for numerical calculation [6, 10]. There are two kinds of backbone curve
models: One is hyperbolic model, such as the Konder model and Hardin–Drnevich
model [11], and the other is a bilinear model including the modified form, such as
three-parameter Ramberg–Osgood model [12, 13]. However, these models do not
consider the phenomenon that the soil stiffness increases with the increase in cyclic
number under cyclic loads.

Dynamic triaxial test is a common method to study the soil dynamic behavior.
To study the dynamic behavior of the compacted CGS in subgrade bed under
train-induced dynamic loads, a series of large-scale triaxial tests were conducted.
The compacted CGS specimens were 300 mm in diameter and 600 mm in height.
In this study, the influences of dynamic stress amplitude (to simulate different axle
loads), confining pressure (to simulate different depths), and cyclic number on the
dynamic behavior of saturated CGS were studied. A backbone curve model con-
sidering the influence of cyclic number on the CGS stiffness was established.
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2 Dynamic Triaxial Test

2.1 Coarse-Grained Soil (CGS)

The test CGS was mixed with the sand and round gravel from Xiang River (Hunan
Province) and the silty clay from Taiyuan, Shanxi Province. Their grain distribution
curves are shown in Fig. 1. The mass ratio of gravel: sand: clay =
43.6%:43.6%:12.8%. The silty clay was derived from the depth of approximately
1–6 m below the ground. Its soil specific gravity = 2.63–2.65, natural den-
sity = 1.78–1.85 g/cm3, water content = 38–43%, liquid limit = 26–30%, plastic
limit = 15–18%, plasticity index = 11–15, and initial void ratio = 0.94–1.05. The
test CGS has the maximum dry density = 2.21 g/cm3, the optimum moisture
content = 6.2%, Cu = 129, and Cc = 2.16. In accordance with the Chinese Code
(TB 10625-2017), the test CGS belongs to Group A which are good grading with
Cu = D60/D10 > 5 and 1 < Cc = (D30)

2/D60D10 < 3.
The test specimens were made in accordance with the compaction degree

K = 0.97. The specimens were 300 mm in diameter and 600 mm in height. The
specimens were made directly on the base of the pressure chamber. In order to
ensure that the specimen was uniform from top to bottom, the specimen was
compacted with six layers, and each layer was 100 mm thick. The specimen was
saturated by the vacuum exhaust method and by applying a back pressure of
200 kPa. The pore pressure coefficient B � 0.96. Then, the specimen was con-
solidated by an isotropic pressure of 15 kPa for approximately 12 h. The water
content of the saturated specimen was 9.0–9.5%.

Fig. 1 Grain distribution
curve of the test CGS
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2.2 Test Program

The axial load on the test specimen was applied by an actuator controlled by MTS
(shown as Fig. 2). The loading process was carried out in accordance with Fig. 3.
In Fig. 3, line OA means applying the confining stress. Line AB means the con-
solidation process. Line BC means applying the static load induced by the track
structure deadweight (rs = 15 kPa). The dynamic load on the test specimens was
simulated by a sine wave with a dynamic stress amplitudes of 25–125 kPa (rd) and
a frequency of 1 Hz [15, 16], which were to simulate the dynamic loads induced by
about 13 m long freight wagons with the axial load of 19–30 tons at the speed of
50 km/h. The test program was divided into three groups. The load parameters for
each group are listed in Table 1. In the cyclic loading process, tests were undrained.

The criteria for terminating the test are as follows: (1) If the increment of axial
plastic deformation is less than 1 mmwithin 2 h, the test specimen is considered to be
in a dynamic stable state. (2) If the axial plastic deformation increases significantly
and is greater than 1 mm within 2 h, the test continues until the axial plastic strain
reaches 15%. The test specimen is considered to be in a dynamic instability state.

3 Testing Results and Analysis

3.1 Dynamic Stress Amplitude

Figure 4 shows the variation of axial accumulative plastic strains (ed) of three-group
specimens with the cyclic number (N). The plastic strain (es) caused by the axial
static load (the track structure deadweight load rs = 15 kPa, i.e., line BC in Fig. 3),

(a) Loading system (b) Soil specimens after test

Fig. 2 MTS loading test system and sample after testing
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is so small that it is negligible. Therefore, the axial accumulated plastic strain (ed)
contained (es). As seen in Fig. 4, the axial accumulative plastic strain increases at a
different rate as the cyclic number increases for different dynamic stress amplitudes.
The greater the dynamic stress amplitude, the faster the axial accumulative plastic
strain increases. According to the development trends of the axial accumulative
plastic strains with the cyclic number, the curves can be categorized into three
modes as the disruptive, the critical, and the stable mode [17–19]. The dynamic
stress corresponding to the critical curve is the critical dynamic stress (rdcr). When
the dynamic stress generated by the train-induced loads in the subgrade is greater
than this value, the axial accumulative strain of the soil continuously increases until
it is destroyed. On the contrary, when the dynamic stress is less than this value, the
axial accumulative strain of the soil tends to be stable at a certain value. Therefore,
the axial accumulative plastic strain and the dynamic stress amplitude are closely
related.

Theoretically, the critical dynamic stress is a specific value for specific filler
under certain confining pressure, certain water content, and certain compaction
degree. Actually, the real value of the critical dynamic stress is difficult to accu-
rately determine due to the difference in specimen preparation, operation error, and
other factors. The test values of the critical dynamic stress for the three groups are
presented in Table 2. The test value of the critical dynamic stress was not a specific
value but in a range. As seen in Table 2, the greater the confining stress on the test
specimen, the greater the critical dynamic stress. Cai [17] and Liu [20] obtained
similar results.

Fig. 3 Exerting method of
axial load

Table 1 Large-scale dynamic triaxial tests’ parameters of CGS

Testing group Confining pressure r3 (kPa) Dynamic stress amplitude rd (kPa)

1 15 25, 50, 62.5, 75, 100, 125

2 30 25, 50, 62.5, 75, 100, 125

3 60 25, 50, 62.5, 75, 100, 125
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(a) 3=15 kPa 

(b) 3=30 kPa 

(c) 3=60 kPa 

σ

σ

σ

Fig. 4 ed-N relation curve
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The critical dynamic stress of the soil is not only related to the soil state
parameters, like the water content, the compaction degree, and particle gradation,
but also related to the dynamic loading parameters, like the dynamic stress
amplitude, frequency, and cyclic number. In practice, the dynamic stress in sub-
grade generated by trains should be less than the critical dynamic stress at the same
depth. The aim is to maintain the subgrade long-term dynamic stability without an
excessive settlement. When no other better filler is available, improving the com-
paction quality is the common method to increase the critical dynamic stress of the
subgrade soil.

3.2 Cyclic Number

The cyclic number is an important factor affecting the accumulative plastic strain of
the soil. The train-induced dynamic load has relatively better periodicity than the
seismic load which is random. The cyclic number of the train-induced dynamic load
is determined by the total number of axles of the train. A common practice to
assume is that two axles under the same truck (bogie) are considered to produce one
load cycle for the ballast layer and four axles under two adjacent trucks are con-
sidered to produce a single load cycle for the subgrade layer. With the increase of
the cyclic number of the dynamic load, the relative slip and adjustment of position
between soil particles will continue to occur. In a macroscopic view, elastic
deformation and plastic deformation occur simultaneously. In Fig. 5, two load
cycles (the fifth and sixth cycle) with dynamic stress amplitude (rd = 75 kPa)
acting on the test specimen under the confining pressure (r3 = 60 kPa) resulted in
the stress–strain curves. As seen in Fig. 5, the stress–strain curves are hysteresis
loops. The hysteresis loops reflect the strain lags behind the stress, embodying the
viscosity characteristics of the soil.

The strain consists of elastic strain and plastic strain. In Fig. 5, rd, max = max-
imum cyclic dynamic stress, r

d, min
= minimum cyclic dynamic stress, rd = dynamic

stress amplitude = (rd, max − rd, min)/2, eN,max = the maximum dynamic strain in
the Nth cycle, eN,min = the minimum dynamic strain in the Nth cycle, eN,d = the
dynamic strain amplitude in the Nth cycle = (eN,max − eN,min)/2, and eN,p is the
corresponding plastic strain after cyclic number N.

In the test, the sample frequency was 100 Hz and the data number of the
recorded stress and strain was 200 in every cycle. The greater cyclic number will
result in a greater amount of data. In order to save the storage space and ensure the

Table 2 Test and estimated
values of critical dynamic
stress

r3 (kPa) rdcr (kPa)

15 50–62.5

30 50–62.5

60 62.5–75
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continuity of data, a cycle was recorded in 5 cycles at the 10th–50th cycle, a cycle
in 10 cycles at the 51th–100th cycle, a cycle in 50 cycles at the 101th–4000th cycle,
a cycle in 1000 cycles at the 4001th–10,000th cycle, and a cycle in 10,000 cycles at
the cyclic number greater than 10,000. Note that the dynamic stress amplitude
remained unchanged in a test. At the start of the test, the servo loading system was
in the process of self-tuning. The recorded stress–strain curves showed the stress
gradually increased at the initial loading cycles and became stable after about ten
loading cycles.

Figure 6 shows the stress–strain curves of the stable mode (Fig. 6a) and the
destructive mode (Fig. 6b) at the confining pressure r3 = 60 kPa. As seen in
Fig. 6a, the plastic strain increases rapidly at the initial loading circles. The hys-
teresis loop is fatter and in an unstable state at the initial loading cycles. As the
cyclic loading number increases, the hysteresis loop gradually becomes narrower
and steeper and the hysteresis loops almost completely coincide at the cyclic
loading number greater than 10000. This phenomenon reflects that the modulus of
the test specimen increases and finally becomes a constant value as the cyclic
number increases. Instead, the stress–strain curve in Fig. 6b shows that the plastic
strain increases continuously until the axial accumulative strain exceeds 15% as the
cyclic loading number increases. It is interesting to note that the hysteresis loops are
parallel to each other after the initial hundred cycles, which means the modulus of
this test specimen remains constant until it is destroyed.

Fig. 5 Dynamic stress–strain curve
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4 The Backbone Curve Model

4.1 The Backbone Curve of Dynamic Stress–Strain
Relationship

The backbone curve is the line connecting the vertices of the hysteresis loop of the
stress–strain relationship curve of soil under the same consolidation pressure under
different dynamic stresses. The nonlinearity of the backbone curve reflects the

(a) σ3 =60 kPa, σd =62.5 kPa 

(b) σ3 =60 kPa, σd =75 kPa 

Fig. 6 Typical hysteresis curves of soil
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nonlinearity of the equivalent deformation modulus of soil [1, 10]. When the
applied dynamic load is small, the dynamic stress–strain curve is a closed hysteresis
loop with coordinate origin as a symmetry point [21]. For the stable CGS specimen,
the dynamic stress is less than the critical dynamic stress. The hysteresis loops
remain basically unchanged after the cyclic number greater than 5000 times.
Therefore, the hysteresis loops less than 5000 loading circles were considered in
this article. Since the applied dynamic load (shown as Fig. 3) was positive, it is
necessary to move the coordinate origin to the geometric center of the hysteresis
loops. Figure 7 shows the backbone curves at the different cyclic number (N) of the
saturated stable CGS specimens. As shown in Fig. 7, the dynamic strain is very
little less than 1.0 � 10−3. The backbone curves exhibit good linear elasticity at
different dynamic stress amplitudes, which are the embodiment of the good linear
elastic relationship of hysteresis loops. The greater the confining pressure, the closer
the backbone curves at different loading circles, the smaller the influence of the
cyclic number on the dynamic behavior of the soil is, the more stable the dynamic
behavior of the soil. The backbone curve is different corresponding to the different
cyclic number. The slope of the backbone curve increases as the cyclic number
increases, meaning that the stiffness of the CGS increases as the cyclic number
increases. The phenomenon of stiffness hardening is obviously different from
the stiffness softening of fine-grained soil shown with increasing cyclic number
[4, 5, 10]. Possible mechanisms can be explained as follows: For the stable CGS
specimen, the pore water pressure in the soil is stable with the increase of the cyclic
number [4, 22], while the relative slippage and adjustment of position between soil
particles result in the particles becoming closer, and then result in an increase in the
stiffness of the soil.

4.2 Mathematical Model of the Backbone Curve

At the same dynamic stress amplitudes, the hysteresis loop gradually becomes
narrower or wider, the modulus increases or decreases with the increase of the
loading cycles. The backbone curve equation should embody these characteristics.
After repeated attempts and comparison, it is found that the bilinear model is
appropriate to describe the backbone curve of the saturated CGS.

The bilinear model is shown in Fig. 8, and its function is presented as:

ed � ey;
E
E0

¼ 1

ed [ ey;
E
E0

¼ ey
ed

þ Ef

E0
1� ey

ed

� �
9>>=
>>;

ð1Þ
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(a) σ3 =15 kPa 

(b) σ3 =30 kPa 

(c) σ3 =60 kPa 

Fig. 7 Dynamic stress–strain
backbone curves under
different confining pressures
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where ed = the dynamic strain, ey = the dynamic yield strain, E, E0, and Ef = the
elastic modulus corresponding to ed, ey, and the plastic strain exceeding ey,
respectively.

To ensure the long-term dynamic stability of subgrade, the train-induced
dynamic stress should be less than the critical dynamic stress of the subgrade soil.
Therefore, in this study, the mathematical model of the stable CGS specimen
representing the characteristics of the backbone curves is meaningful. When the
train-induced dynamic stress is greater than the critical dynamic stress, the subgrade
soil is in an unstable state and the plastic strain accumulates until exceeding the
allowable value. Therefore, the critical dynamic stress is considered to be the yield
stress and its corresponding strain is the yield strain.

Figure 9 shows the backbone curves obtained by linear fitting, where the slopes
of the curves are the elastic modulus (E) at different cyclic numbers. As can be seen
from Fig. 9, the elastic modulus (E) increases as the cyclic number increases. This
is an obvious stiffness hardening phenomenon. Figure 10 shows the relationship
between the elastic modulus and the cyclic number. The elastic modulus decreases
as the confining pressure (r3) increases. The elastic modulus shows a good linear
relationship with the natural logarithm of the cyclic number, which can be
expressed as:

E ¼ A lnN þB ð2Þ

where the fitting parameters A and B are affected by confining pressure. The con-
fining pressure can be further exponentially fitted with A and B as shown in Fig. 11:

A ¼ a1eb1r3

B ¼ a2eb2r3

)
ð3Þ

Fig. 8 Stress–strain curve of
a dual linear model
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(a) σ3 =15 kPa 

(b) σ3 =30 kPa 

(c) σ3 =60 kPa 

Fig. 9 Backbone stress–
strain curves by linear fitting
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where a1 = 3.537, b1 = −0.023; a2 = 97.247, and b2 = −0.009.
Substituting Eqs. (2) and (3) into the first expression of Eq. (1), the backbone

curve equation under different confining pressures and different cyclic numbers can
be obtained as:

ed ¼ rdcr
A lnN þB

¼ rdcr
a1eb1r3 lnN þ a2eb2r3

ð4Þ

where a1 = 3.537, b1 = −0.23, a2 = 97.247, and b2 = −0.009.
It is interesting to note that when ed in Eq. (4) is less than the dynamic yield

strain (ey), the dynamic strength can be derived from

rd ¼ A lnNþBð Þed ¼ a1eb1r3 lnNþ a2eb2r3
� �

ed ð5Þ

Fig. 10 E–N relationship
curve

Fig. 11 Relationship
between the backbone
equation parameters and
confining pressure
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5 Conclusions

The coarse-grained soil is widely used as filler in a subgrade bed layer. The subject
investigated considering the most unfavorable condition of the subgrade state is the
saturated compacted coarse-grained soil (CGS). A series of triaxial tests were
conducted, and some conclusions were arrived at:

(1) The dynamic stress amplitudes and the cyclic number have a significant effect
on the dynamic characteristics of the saturated CGS. The dynamic character-
istics of the saturated CGS under different confining pressure and dynamic
stress amplitudes can be divided into three types according to the development
trends of the accumulative strain with cyclic number: stable, destructive, and
critical. The dynamic stress corresponding to the critical curve is the critical
dynamic stress.

(2) The greater the confining pressure is, the greater the critical dynamic stress is,
the greater the dynamic stability of the CGS improves.

(3) As the cyclic number increases, the slope of the stable saturated CGS backbone
curve increases; namely, the dynamic modulus of the soil increases. This
dynamic modulus is well simulated by the double-line curve model. In this
model, the critical dynamic stress corresponds to the dynamic yield strength.

(4) The double-line curve model can be used to determine the dynamic strength of
CGS when the dynamic strain is less than the dynamic yield strain. Meanwhile,
this model reflects the CGS stiffness hardening with the increasing of cyclic
number.
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Vibration Reduction Performance
of a Periodic Layered Slab Track

Yao Hu, Zhibao Cheng and Zhifei Shi

Abstract Periodic structure has an inhibitory effect on the propagation of elastic
waves when their frequencies fall in the attenuation zone. Using this property, this
work proposes a new kind of periodic layered slab track structure to mitigate the
vibration caused by rail transit. First, combining the elastic wave theory and the
Bloch theory, dispersion curves of the layered periodic structure are calculated, and
the attenuation zones are obtained. The geometrical and material parameters of the
present periodic system are optimized. Second, the theoretical model of the
vehicle-rail-periodic slab track coupled system is developed. The correctness of
the coupled system is verified through a comparison study. The displacement of the
slab track is analyzed to guarantee the stiffness of the structure. Third, the rail
harmonic disturbance is introduced to simulate the wheel–rail irregularity, and
dynamic response analysis of the coupling model is carried out. Vibration reduction
properties of the periodic layered slab track are studied both in frequency and time
domains. For the reason of comparison, a floating slab track is also considered.
Numerical results show that the periodic layered track can reduce the vibration
effectively.

Keywords Periodic slab track � Attenuation zone � Vibration reduction

1 Introduction

Vibrations generated by urban traffic propagate in the track structure in the form of
elastic waves and transmit to nearby buildings causing annoyance to inhabitants and
malfunction to sensitive equipment [1]. In order to attenuate the harmful effects of
the vibration, reliable vibration mitigation methods are always needed for buildings
of special functions, such as hospitals, theatres, and museums. Indeed, vibration can
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be controlled at any place along the transmission path [2]. To date, various mea-
sures, like reducing the wheel–rail unevenness, using vibration reduction elements
such as high resilience fasteners, resiliently supported ties, ballast mats, slab mats,
and the floating slab track [3, 4], have been used. The effectiveness of these
countermeasures has been proved in those previous works. However, it should be
pointed out that these traditional methods still have lots of drawbacks. And, how to
mitigate the ambient vibrations generated by urban traffic is still a hot topic for
engineers [5–7].

Periodic structure has an inhibitory effect on the propagation of elastic waves
when their frequencies fall in the attenuation zone. Over the past ten years, Prof. Shi
[8] and his research team in Beijing Jiaotong University introduced the periodic
structure theory developed in the field of solid-state physics into the field of civil
engineering and developed many novel seismic isolation and vibration reduction
methods. In 2012, Xiang et al. conducted an experimental study on the isolation
performance of a new type of layered periodic foundation [9]. Cheng et al. con-
ducted a comprehensive numerical and experimental work to verify the efficiency of
the attenuation of the two-dimensional and three-dimensional periodic foundations
[10–13]. Utilizing the attenuation zone properties of periodic structures, Huang and
Shi proposed the periodic pile barrier method to reduce the environmental vibra-
tions. They found that piles of common size can isolate ambient vibration in certain
frequency region [14–16]. Including the effect of the initial stress, Liu et al. studied
the attenuation zones of periodic structures, including layered periodic foundations,
two-dimensional periodic foundations, periodic pile barriers, periodic beams, and
periodic plates on elastic foundation [17, 18]. Recently, Pu and Shi proposed a new
method for identifying surface wave modes. With the help of the method, they
studied the dynamic characteristics of periodic continuous wall system both in
frequency and time domains [19, 20].

Different from those previous works, this work proposes a new kind of periodic
layered slab track to reduce the vibration caused by rail transit. In Sect. 2, the basic
theory of the layered periodic structure is presented. Attenuation zones of the
periodic concrete–rubber system are investigated. In Sect. 3, the proposed periodic
layered slab track is designed. Vehicle-rail-periodic layered slab track coupled
system is presented. In Sect. 4, dynamic performance of the periodic layered slab
track system is simulated, from which it is found that with proper design periodic
layered slab track can effectively reduce vibration caused by urban rail transit.
Conclusions are given in Sect. 5.
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2 Basic Theory

2.1 Governing Equations

Consider a one-dimensional layered periodic structure with alternating layers of two
isotropic materials. Figure 1 shows the typical cell of the system. The heights of
material A and material B are denoted by a1 and a2, respectively. Therefore, the
periodic constant of the system is ac ¼ a1 þ a2.

Under the assumption of continuous, isotropic, perfectly elastic, and small
deformation as well as without consideration of damping, the governing equation
for the longitudinal wave and transverse wave in the infinite layered periodic
structure is

@2ui
@t2

¼ c2
@2ui
@z2

ð1Þ

Here, ui ¼ ðux; uzÞ is the displacement vector; c is the wave velocity; t is the time
parameter.

2.2 Periodic Boundary Conditions

According to the periodic structure theory, the displacement field can be expressed
as

uðr; tÞ ¼ eiðk�r�xtÞukðrÞ ð2Þ

where r denotes the coordinate vector, k is the reduced wave vector, x is angular
frequency, and ukðrÞ is a periodic function about the periodic constant a. Thus,
ukðrÞ can be written as

ukðrþ aÞ ¼ ukðrÞ ð3Þ

x

z

SP
O

1a

2a

x

Fig. 1 Unit cell of the
layered periodic structure
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Substituting Eq. (3) into Eq. (2), we have

uðrþ a; tÞ ¼ eik�auðr; tÞ ð4Þ

Equation (4) is the so-called periodic boundary condition. Further, the infinite
periodic structure can be simplified by a representative unit cell.

2.3 Dispersion Relationship and Attenuation Zones

Based on the periodic boundary condition, the dispersion equation of the considered
system can be transferred into an eigenvalue problem. Since the periodic boundary
condition is related to the wave vector, the eigenvalue equation can be written as

XðkÞ � x2M
� � � u ¼ 0 ð5Þ

where the stiffness matrix XðkÞ is a function of the wave vector, and M is the mass
matrix. For a given reduced wave vector k, the eigenvalue problem can be solved
by using the commercial software COMSOL MULTIPHYSICS 5.3.

The layered periodic structure made of common construction materials (concrete
and rubber) is considered. Material parameters are given in Table 1. Taking the
thickness of the concrete layer as a1 ¼ 0:15 m and the thicknesses of the rubber
layer as a2 ¼ 0:01 m, Fig. 2 presents the dispersion curves of the considered sys-
tem. One can see that in the frequency region indicated by gray, no wave vector
exists, which is to say that waves in the region cannot propagate through the infinite
periodic layered concrete–rubber structure. And, this frequency region will be
named as the attenuation zone.

3 Model and Calculation Parameters

3.1 Design of the Periodic Layered Slab Track System

In order to mitigate the broadband low-frequency ambient vibrations, the wider and
lower attenuation zone is always desired. In practical design, the lower bound
frequency (LBF), upper bound frequency (UBF), and the width of the first

Table 1 Material parameters

Materials Young’s modulus E (Pa) Poisson ratio m Density q (kg/m3)

Concrete 3 � 1010 0.2 2500

Rubber 1.37 � 105 0.463 1300

782 Y. Hu et al.



attenuation zone (WAZ) are three important parameters. In this part, the influences
of the structural parameters and material parameters of the layer periodic slab track
system on the three parameters are investigated.

Figure 3a gives the relations between the first attenuation zone and the thickness
of the concrete layer. The thickness of the rubber layer is 0.01 m. It is found that the
LBF decreases with the increase in the thickness of the concrete layer; meanwhile,
the UBF keeps a constant. Therefore, the WAZ is enlarged. Taking the thickness of
the concrete layer as 0.1 m, Fig. 3b shows the effects of the thickness of the rubber
layer on the attenuation zone. It is clear that the LBF and WAZ decrease rapidly
with the increase in the thickness of the rubber layer.
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Fig. 2 Dispersion relation of the considered periodic concrete–rubber system
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attenuation zone
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Figure 4 shows the influences of Young’s modulus of the concrete and rubber on
the attenuation zone. Here, the thickness of the rubber and concrete layers is 0.01 m
and 0.1 m, respectively. It is obvious in Fig. 4a that the LBF and WAZ are almost
not changed. Therefore, we can say the influences of Young’s modulus of the
concrete on the attenuation zone can be ignored. In Fig. 4b, it is found that the LBF
and WAZ increase rapidly with the increase in Young’s modulus of the rubber.

3.2 Vehicle-Rail-Periodic Layered Slab Track
Coupled System

In this part, a two-dimensional vehicle-rail-periodic layered slab track system is
developed to analyze the dynamic behavior of the periodic layered slab track. In
detail, the vehicle is regarded as a multi-rigid-body vibration system, and the
periodic layered slab track is simplified into a three-layer elastic Euler beam model.

As shown in Fig. 5, the vehicle model is composed of seven rigid bodies: car
body, frameworks, and four wheelsets. Ten degrees of freedom in total are taken
into account, including the vertical motion and the nutation of the car body and
frameworks, as well as the vertical motion of wheelsets. The parameters for the
vehicle system are given in Table 2.

The periodic layered slab track comprises the rail, fasteners, concrete layers, and
elastic supports. Parameters for periodic layered slab track and subgrade are given
in Table 3. The rail with the linear density of 51.2 kg/m is applied and is simulated
by using the discretely supported Euler beam model. The fastener and the subgrade
are considered as the spring–damping element. In particular, in order to eliminate
the boundary effect, the slab track is established with a total length of 120 m. The
equivalent spring coefficient of the rubber layer is
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Table 2 Parameters and geometrical properties of the vehicle

Parameters Symbol Unit Magnitude

Mass of car body Mc kg 38,500

Mass of bogie Mt kg 2980

Mass of wheelset Mw kg 1350

Nod inertia of car body Jc 106 kg m2 2.446

Nod inertia of bogie Jt kg m2 3605

Vertical stiffness of primary suspension Kpz 106 N=m 2.14

Vertical stiffness of the secondary suspension Ksz 106 N=m 2.535

Vertical damping of the primary suspension Cpz 106 N s=m 4.9

Vertical damping of the secondary suspension Csz 106 N s=m 1.96

Central distance of bogie L1 m 16.8

Fixed wheelbase L2 m 2.4

Wheel radius R m 0.4575
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KR ¼ ERA
h

ð6Þ

where KR is the spring stiffness, ER is Young’s modulus of the rubber, A is the area
of the rubber layer for an equivalent spring, and h is the height of the rubber layer.

3.3 Wheel–Rail Hertz Contact Stiffness and Track
Irregularity

In our calculation, the interaction between the vehicle and the track system is
simplified as a Hertz contact. The wheel–rail contact spring is applied to simulate
the coupling between the vehicle and the track. The wheel–rail interaction force pðtÞ
can be calculated [21, 22]

pðtÞ ¼ 1
G
dZðtÞ

� �3=2
ð7Þ

where G is the constant of the wheel–rail contact. For the worn type with a radius of
R, G can be expressed as follows

G ¼ 3:86R�0:115 � 10�8 ð8Þ

dZðtÞ is the elastic penetration of the wheel–rail contact, which can be given as

dZðtÞ ¼ ZwjðtÞ � Zr xwj; t
� �� Z0ðtÞ; ðj ¼ 1 to 4Þ ð9Þ

Table 3 Parameters of the slab track and subgrade

Parameters Symbol Unit Magnitude

Young’s modulus of rail E 1011 N=m2 2.059

Cross-sectional moment of inertia of rail I 10�5 m4 2.037

Linear density of rail mr kg/m 51.5

Vertical stiffness of fastener Kp 108 N=m 1.2

Vertical damping of fastener Cp 104 N s=m 7.5

Distance between fasteners or rail support ls m 0.6

Width of slab w m 3.5

Vertical stiffness of subgrade Kf 107 N=m 6.89

Vertical damping of subgrade Cf 104 N s=m 3.115
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Here, ZwjðtÞ is the displacement of the wheel numbered j at the time t, Zrðxwj; tÞ
is the displacement of the rail at the point of wheel numbered j at the time t, and
Z0ðtÞ presents the track irregularity.

The harmonic irregularity is applied to simulate the wheel–rail irregularity. In
detail, the irregularity can be described by a 0.5-m-long cosine wave [21]. As
shown in Fig. 6, the harmonic irregularity is

Z0ðtÞ ¼ 1
2
a 1� cos

2pv
L

t

� �
ð10Þ

where a and L are the depth and length of the irregularity, respectively; v is the
velocity of the vehicle.

4 Dynamic Performance of the Periodic Layered
Slab Track

4.1 Numerical Analysis and Modal Verify

At first, with the aim to validate the correctness of the present calculation, the finite
element model of the coupled system mentioned above is also developed with the
help of the ANSYS software. For the reason of simplicity, the irregularity is
ignored. As shown in Fig. 7, the vertical displacements at the midpoint of the rail
and concrete layers obtained by the present method match well with those obtained
by the ANSYS software. Therefore, the correctness of the present method is
validated.

4.2 Results and Discussion

Young’s modulus of the rubber is taken as 1:37� 104 Pa. The thicknesses of the
rubber and concrete layers are taken as 0.01 m and 0.15 m, respectively. The
attenuation zone is 42.6–95.3 Hz. The velocity of the moving vehicle is 140 km/h.
Figure 8 shows the time history responses of the vertical displacement and accel-
eration at the midpoint of the rail and concrete layers. It is obvious that after passing

Fig. 6 Harmonic disturbance
track irregularity
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through the periodic slab track, the vibration is attenuated. Fourier spectra of the
time history responses of the vertical acceleration at the midpoint of the track
structure are shown in Fig. 9. The response is reduced.

In actual design, the deformation limit of the periodic layered slab track should
be taken into account. In the foregoing analysis, the maximum rail deflection is
17.52 mm. This deflection is too large and may deteriorate the mechanical prop-
erties of the track structure and adversely affects the safety of the high-speed vehicle
[23]. Further, Fig. 10 shows the relationship between the rail deformation and
Young’s modulus of the rubber at the speed of 200 km/h. Taking Young’s modulus
as 1:37� 105 Pa, the maximum displacement responses at the midpoint of the rail
will be smaller than the rail deformation limit (4 mm) [24].
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4.3 Comparative Analysis of Vibration Attenuation
Performance with Floating Slab Track

For the reason of comparison, a floating slab track is also considered, as shown in
Fig. 11. The FRF3 is defined as 20 log10 Ap3=ABp

� �
, where ABp is the amplitude of

the acceleration response at the midpoint of the concrete underlayer. Taking the
thickness of the concrete layer as 0.3 m (the same as that of the floating slab),
vibration attenuation performances of the periodic and floating slab track are shown
in Fig. 12. It shows that the vibration response of the periodic slab track is much
smaller than that of the floating slab track.
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5 Conclusions

In this work, a periodic layered slab track is designed to mitigate the vibration
responses of track structures. Unlike traditional vibration reduction measures, such
as fasteners or sleepers, floating slab tracks, the reduction mechanism of the peri-
odic layered track is that periodic composite can block and reflect elastic waves.
The results of this paper show that with proper design, the layered slab track can
effectively reduce vibration caused by urban rail transit.

Acknowledgements This work is supported by the National Natural Science Foundation of
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Grouting Pressure Distribution Model
for the Simultaneous Grouting of Shield
Tunneling While Considering
the Diffusion of Slurry
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Abstract According to the field test of urban subway tunnels, the internal force of
the lining segment of the shield tunnel during the synchronous grouting stage is 1–
1.5 times that in the steady stage. To study the distribution model of grouting
pressure on the lining segment produced by synchronous grouting, we investigated
Bingham fluid and a synchronous grouting slurry while they penetrate excavation
soil and fill shield tail interspace. Then, we deduced the calculation formula for
diffusion radius, the amount of grout during grouting behind a segment, the radial
displacement of excavation caverns caused by the squeezing effect of penetration
pressure, and the effective stress of soil in the diffusion zone. The amount of grout
that can fill a shield tail interspace during synchronous grouting was identified.
Considering the time-varying of slurry viscosity, the limit equilibrium equation and
the fluid mechanics method were used for the deduction of the distribution model of
grouting pressure on a lining segment produced by synchronous grouting. The
calculated results indicated that the diffusion radius and the amount of grout that
can fill a shield tail interspace increase as the grouting pressure increases and that
grouting slurry diffusion reduces the grouting pressure on a lining segment. The
actual measured grouting pressure value is consistent with the theoretical calcula-
tion results in this paper by combining the engineering example of the Changsha
Metro Line 4. The theory proposed by this paper provides a theoretical basis for fine
analysis of the distribution of grouting pressure during shield tunneling
construction.
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1 Introduction

In shield tunneling construction, shield tail interspace is formed between a lining
segment and excavation soil after lining segments out of shield shell. This part of
the interspace should be filled with grout in a timely manner, and the stress release
coefficient of the surrounding rock should be controlled for the stability of the
caverns and control of stratum deformation. However, grouting pressure on a lining
segment produced by synchronous grouting is extremely large and may thus result
in extremely large internal forces that can cause lining segments to break down,
dislocate, leak water, and float up. Therefore, the grouting pressure distribution
model produced by synchronous grouting on shield construction should be studied.

Strategies for shield tunneling construction have developed rapidly in recent
decades, and construction speed and quality are continuously improving. Despite
these developments, lining segments are in a very complex stress field, designing
lining segments remains a complex task, and the design theory of tunnel engi-
neering remains far from perfect. In lining segment design, only earth pressure,
water pressure, overburden pressure, and foundation resistance in the normal use
stage of the tunnel are considered, whereas load in the construction process, which
produces more than the normal use of lining segment internal forces, is disregarded.
Given the complex environment of shield grouting slurry, the grouting pressure
distribution model is difficult to obtain through traditional calculation methods.
Bezuijen [1] probed the post-grouting effect and the slurry distribution of a shield
tunnel. Rukinori [2] conducted several physical model tests for the post-grouting of
shield tunnel walls and revealed that soil compactness and grouting pressure can
significantly affect the distribution and magnitude of earth pressure. Ezzeldine [3]
simulated the influence of shield propulsion, assembling lining, and synchronous
grouting on foundation deformation by using the finite element program Pisa. Ye
[4, 5] considered the effect of shield tail interspaces by introducing equivalent
porosity instead of soil porosity and determined the pressure exerted by grouting on
a segment by using the slurry cylindrical and circular diffusion model. Zhu et al. [6]
and Ye et al. [7] controlled the size of grouting pressure by considering the
mechanical behavior of the longitudinal ring joint. Deng et al. [8] used FLAC3D
with the tunnel shield grouting force characteristics of secondary development to
study the mechanism of the backfilled grouting in the shield tunnel and discussed
the regularity of the influence of backfilled grouting on the force and deformation of
supporting structures and surrounding rocks. Huang et al. [9] explored the back-
filled grouting distribution of a shield tunnel in Shanghai by using
ground-penetrating radar and conducted a preliminary analysis to diagnose the
distribution of slurry behind a tunnel wall. Yuan et al. [10] used Bingham fluid to
describe the rheological properties of the cemented mortar and deduced the transfer
formula of grouting pressure during the injection of slurry into a shield tail inter-
space. Liang et al. [11] and Gou et al. [12] considered permeability coefficient
variations caused by the changes in viscosity during the infiltration of slurry into
surrounding strata. On this basis, they deduced the grout consolidation and pressure
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dissipation equations and analyzed the distribution of the slurry consolidation,
dissipation, and slurry pressure that act on segments.

However, the influence of slurry diffusion on grouting pressure is often over-
looked in the current calculation model of grouting pressure. Referring to the
existing theory [13–16], we deduced the pressure caused by grouting on the lining
segment during synchronous grouting. On the basis of Darcy’s law and the ring
problem of elastic–plastic mechanics combined with the denaturation of the
grouting slurry viscosity and considering the diffusion of slurry, the theory of
grouting slurry diffused in the excavation soil is deduced. Then, we determined the
calculation formula of diffusion radius, the amount of grouting in the diffusion
zone, and the calculation expression of the radial, tangential effective stress of the
surrounding rock, and the radial displacement of excavation caverns under the
influence of penetration pressure in synchronous grouting. The calculation formula
accurately draws the amount of grouting during synchronous grouting and the
thickness of the shield tail interspace. The limit equilibrium equation and fluid
mechanics method were used for the deduction of the distribution model of grouting
pressure on a lining segment produced by synchronous grouting.

2 Synchronous Grouting Diffusion Theory Considering
the Time-Varying of Slurry Viscosity

Experiments show that Newtonian fluid is a special Bingham fluid. In this paper, we
use the more representative Bingham fluid as the research object to study the
diffusion of synchronous grouting and the grouting pressure distribution model.

2.1 Bingham Fluid Flow Characteristics

The hard slurry belongs to Bingham fluid. Bingham fluid shear stress and shear rate
images do not pass through the origin; this fluid will produce a fluid shear defor-
mation only by overcoming its shear yield strength [17, 18].

s ¼ s0 þ lðtÞ du
dc

ð1Þ

where s is the shear stress, s0 is the initial shear stress, l(t) is the viscosity of the
fluid, and du/dc is the fluid shear deformation rate.

Figure 1 shows the flow velocity distribution of the synchronous grouting slurry
in the shield tail interspace when the grouting fluid is Bingham fluid. In the figure,
2Cp is the fluid core height of Bingham fluid, and 2C0 is the shield tail interspace. In
the flow core region of −cp � c � cp, the fluid shear deformation rate du/dc = 0,
the flow rate is a certain value u1, and shear stress s = s0. At cp

�� ��� cj j � c0j j, the
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fluid shear rate gradually decreases, and the velocity gradually increases from the
boundary of excavation tunnel to the boundary of the fluid core. The flow velocity
at the boundary of shield excavation is the smallest, and shear deformation rate and
shear stress reach their maximum values.

2.2 Basic Assumptions

(1) In this paper, we assume that shield excavation forms a uniform cylindrical
shield tail interspace. The grout slurry follows the Bingham flow pattern during
the filling of the shield tail interspace, and the slurry is incompressible and an
isotropic body.

(2) We suppose that the grouting slurry diffuses into the surrounding rock in a
uniform cylindrical dispersion and satisfies Darcy’s law.

(3) We suppose the filling process of grouting slurry and diffusion process occur
simultaneously, and the grouting holes are equally filled upward and downward
with grout.

(4) The surrounding soil is homogeneous and isotropic. Under the action of pen-
etration pressure, only elastic deformation occurs, and the effect of gravity on
the compressive deformation of soil is ignored.

2.3 Influence of Simultaneous Grouting Slurry Diffusion
on Grouting Pressure

The existing grouting pressure calculation model ignores the influence of grouting
slurry diffusion on grouting pressure, which considering that the grouting slurry
does not diffuse with the surrounding soil, the amount of grouting at grouting hole
is the grouting amount of the filling zone, and the width of the shield tail interspace

c

u
o

c0

cp

Fig. 1 Distribution of
Bingham fluid velocity in the
cross section of the shield tail
interspace
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is the difference between the shield shell and the lining segment. However, this is
not the case. Slurry filling and diffusion images are shown in Fig. 2. The distance
between the diffusion boundary and the tunnel center is r1, and the penetration
pressure in the diffusion zone is Pr. The grouting pressure (P0) at the interface of the
excavation tunnel is set as the average value of the grouting pressure of the upper
and lower grouting holes. The uniform penetration pressure difference between the
tunnel excavation and diffusion boundaries is P0–Pw, where Pw is the groundwater
head height of the excavation cavern.

The effects of slurry diffusion on grouting pressure are described through the
analysis of the influence of the synchronous grouting slurry diffusion on the average
flow rate at the shield tail interspace and the excavation cavern.

Shield Tail Interspace Section of the Average Flow Q′

In the process of synchronous grouting, the grouting slurry not only fills the shield
tail interspace but also causes the grout to penetrate the soil due to the pressure
difference between the grouting pressure and the groundwater head at the contact
surface between the grouting slurry and the excavation cavern. According to
Darcy’s law, the slurry will diffuse in the surrounding rock to form a diffusion zone,
and part of the slurry will fill the shield tail interspace, while the other part will enter
the diffusion zone.

The slurry diffusion diagram is shown in Fig. 2, which shows the difference in
water head in the diffusion zone, and radial grout diffusion occurs according to
Darcy’s law:

Q ¼ Kg
dP
dr

At ð2Þ

y

x
R

r0r1
2c0

pw

p

the grouting hole

diffusion boundary

filling zone

pr diffusion zone

Fig. 2 Synchronous grout
filling and diffusion
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where Kg is the permeability coefficient of the grouting slurry in the soil, Kg = K/b;
K is the permeability coefficient of excavated soil; and b is the viscosity ratio of the
slurry viscosity to water:

b ¼ lðtÞ
lw

ð3Þ

Considering the viscosity of the grouting slurry denatures, the fluid viscosity
time-varying law is lðtÞ ¼ l0e

at, where l(t) is the viscosity of the slurry, l0 is the
initial viscosity of the slurry, a is the viscosity time-varying coefficient, and t is the
grouting time. The viscosity ratio of grouting slurry and water should take the
average during the grouting process, that is,

b ¼
R t
0 lðtÞdt
lwt

¼
R t
0 l0e

atdt
lwt

¼ l0 eat � 1ð Þ
lwat

ð4Þ

Into type (1) available

Q ¼ 2pKrlwadvtt
2

l0 eat � 1ð Þ
dP
dr

: ð5Þ

Set n is the permeability of the soil porosity, and thus,

Q ¼ p r2 � r20
� �

dvtn: ð6Þ

Synchronous (5) and (6) are available:

dP
dr

¼ l0n eat � 1ð Þ
2Klwat2

r � r20
r

� �
: ð7Þ

Using the boundary conditions, we can obtain

P0 � Pw ¼ l0n eat � 1ð Þ
2Klwat2

r21 � r20
2

� r20 ln
r1
r0

� �
ð8Þ

where P0 is the grouting pressure, Pw is the height of the groundwater head, and r1
is the diffusion radius.

From the above formula, we can obtain diffusion radius r1. Substituting (6)
yields the amount of grout that diffuses into the diffusion zone:

Q ¼ pnðr21 � r20Þdvt: ð9Þ

Therefore, the amount of grout that could fill the shield tail interspace during the
synchronous grouting in the process of synchronous grouting is
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Q0 ¼ pn r21 � r
� �2

0dvt þ p r20 � R2� �
dvt: ð10Þ

The hole grouting amount is Qn, the grout is filled upward and downward at the
grouting holes equally, and m is the number of grouting holes. Therefore, the
average cross section flow rate Q0ð Þ of the shield tail interspace is

Q0 ¼ mQn � Q
2m

: ð11Þ

Influence of Penetration Pressure on Excavation Caverns

In the process of synchronous grouting, the slurry diffuses to the surrounding soil
because the penetration pressure will squeeze the excavation of caverns, that is,
excavation cave radial compression, resulting in a wider shield tail interspace. The
action of penetration pressure will change the stress state of the surrounding rock.
The columnar diffusion of the grouting slurry is set from the excavation cavern to
the diffusion zone. ur is the radial displacement of the excavation cavern under the
effect of penetration pressure Pr.

According to Eq. (5), we can get following formula:

dP ¼ Ql0 eat � 1ð Þ
2pKrqwvwadvtt2

dr: ð12Þ

Combined with the boundary conditions, when r = r0, Pr = P0 − Pw.
Furthermore, the penetration pressure (Pr) at an arbitrary diffusion radius r can be
obtained as follows:

pr ¼ p0 � pw � Ql0 eat � 1ð Þ
2pKqwvwadvtt2

ln
r
r0
: ð13Þ

So we can get the radial bulk force fr

fr ¼ � dpr
dr

¼ Ql0 eat � 1ð Þ
2pKqwvwadvtt2

� 1
r
: ð14Þ

According to the polar coordinate equilibrium differential equation of elastic
mechanics,

@rr
@r

þ 1
r
@srh
@h

þ rr � rh
r

þ fr ¼ 0 ð15Þ

where rr is the radial effective stress of the soil and rs is the tangential effective
stress of the soil. The calculation model is a symmetric problem where shear stress
srh = 0. The radial effective stress rr = P0 − Pw of the excavated soil at excavation
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cavern r = r0; at diffusion boundary r = r1, the radial effective stress rr = r0 of the
excavated soil, where r0 is the initial effective stress of the diffusion boundary.

According to the geometric and physical equations of elasticity, the stress
function U of soil in the diffusion zone can be obtained.

U ¼ C1rþ C2

r
þDr ln r: ð16Þ

In the above formula,

C1 ¼ r0 � D ln r1 �
r0� P0�Pwð Þ�D lnr1r0

� �
r20�r21

� r20

C2 ¼
r0� P0�Pwð Þ�D lnr1r0

� �
r20�r21

� r21r20
A ¼ � Ql0 eat�1ð Þ

2pKqwvwadvtt2
; D ¼ � A 1þlð Þ

2

M ¼
r0� P0�Pwð Þ�D lnr1r0

� �
r20�r21

:

8>>>>>>>>>>><
>>>>>>>>>>>:

ð17Þ

According to the stress function, we can obtain the effective radial force (rr),
radial displacement ur, and tangential effective stress rh,

rr ¼ r0 � D ln r1 �Mr20 þ Mr21r
2
0

r2 þD ln r

rh ¼ r0 � D ln r1 �Mr20 � Mr21r
2
0

r2 þD ln rþ 1ð ÞþA

ur ¼ r
1�lð Þ r0�D lnr1r �Mr20ð Þ� 1þlð ÞMr2

1
r2
0

r2
þDþA

E :

8>>><
>>>:

ð18Þ

Substitute r = r0 into the above formula to obtain the radial displacement of
excavation cave ur0.

ur0 ¼ r0 rh � lrr0ð Þ
E

: ð19Þ

Thus, the shield tail interspace width is 2C0 = r0 − R = r′ + ur0 − R, where r′ is
the shield shell radius.

3 Synchronous Grouting Diffusion Theory Considering
the Time-Varying of Slurry Viscosity

This paper analyzes the synchronous grouting pressure distribution model of shield
tunnel with four grouting holes. The grouting slurry is placed into the shield tail
interspace through the grouting hole. The grout fills the shield tail interspace up and

800 Z. Zhou et al.



down at the grouting hole, while the diffusion occurs at the contact surface. The
analysis of the grouting slurry upward and downward filling of the shield tail
interspace is presented below. The limit equilibrium equation and the fluid
mechanics method are used to deduce the calculation model of grouting pressure on
the lining segment produced by synchronous grouting.

The grouting slurry mechanical model is shown in Fig. 3 where the grouting
slurry is downward filling at p/4 grouting holes. Taking the micro-body of the
grouting slurry at section h, P is the grouting pressure at the section, R is the radius
of the lining pipe section, r0 is the radius of the excavating tunnel, s is the shear
stress between the grouting slurry, and G is the gravity of the slurry micro-body,
G = 2cqgdvt(R + c0)dh. q is the density of the grouting slurry, and dvt is the shield
machine a driving distance. The equilibrium equation along the tangential direction
of the micro-body center is obtained.

P � 2c � dvt � cos dh
2

� �
� Pþ dPð Þ � 2c � dvt � cos dh

2

� �
� 2s�

Rþ c0ð Þ � dvt � dhþ 2c � q � g � dvt � Rþ c0ð Þ � sin hþ dh
2

� �
� dh ¼ 0:

ð20Þ

Micro-bodies have cos dh2 ¼ 1 and sin hþ dh
2

� �
¼ sin h. By substituting these

into the above formula, we can obtain the following formula:

dP
Rþ c0ð Þdh� qg sin h ¼ � s

c
: ð21Þ

The Bingham fluid flow at the core boundary C = Cp, the fluid shear defor-
mation rate du/dc = 0, and the shear stress s = s0. These are substituted in Formula
(21) to calculate the height of the flow nuclear:

y

x

R r0

θ
dθ

p

p+dp

τ
τ

C
C0

G

Fig. 3 Slurry downward
filling at p/4 grouting holes
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cp ¼ s0

qg sin h� dp
Rþ c0ð Þdh

: ð22Þ

If the Bingham fluid flow velocity is u1 in the flow core, the flow velocity is u2
outside the flow core. Formula (1) is substituted into Formula (21) and the fluid
shear rate can be obtained.

du
dc

¼
qg sin h� dp

Rþ c0ð Þdh

� �
� c� s0

lðtÞ : ð23Þ

At cp
�� ��� cj j � c0j j, according to the boundary conditions, C0 = C, u = 0.

Substituting these into the Formula (23), we can obtain u2.

u2 ¼
dp

Rþ c0ð Þdh � qg sin h
� �

� c20 � c2 þ 2ccp � 2c0cp
� �

2lðtÞ : ð24Þ

At −cp � c � cp, dudc ¼ 0, C = Cp. By substituting these into the above for-

mula, we can obtain u1.

u1 ¼
dp

Rþ c0ð Þdh � qg sin h
� �

� cp � c0
� �2

2lðtÞ : ð25Þ

Therefore, the average cross section flow rate (Q′) of the shield tail interspace is
as follows.

Q0 ¼ 2cpu1dvttþ 2tdvt �
Zc0
cp

u2dc ð26Þ

We substitute u1 and u2 into Eq. (26):

Q0 ¼
dp

Rþ c0ð Þdh � qg sin h
� �

� c3p þ 2c30 � 3cpc20
� �

� tdvt
3lðtÞ : ð27Þ

Simultaneously, Eqs. (1), (21), and (27) can obtain the following formula:

dP
dh

¼ 3Q0lðtÞ � Rþ c0ð Þ
c3p þ 2c30 � 3cpc20

� �
� t � dvt

þ Rþ c0ð Þqg sin h: ð28Þ
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The research object of this paper is four-hole grouting, thus m = 4, which can be
used in Eq. (11).

Q0 ¼ 4Qn � Q
8

: ð29Þ

According to the boundary conditions, the grouting pressure in p/4 grouting hole
is P1 and the grouting volume is Q1, that is, h = p/4, P = P1. Substituting them into
Eq. (28) can obtain the grouting pressure (P) on the lining segment at any section
(h).

P ¼ P1 þ 3l0e
at 4Q1 � Qð Þ � Rþ c0ð Þ � h� p=4ð Þ
8t � c3p þ 2c30 � 3cpc20

� �
� dvt

� Rþ c0ð Þqg cos h� cos
p
4

� �
;

p
4
� h� p

2
:

ð30Þ

In the same way, the grouting pressure on the lining segment can be obtained
when the p/4 grouting hole slurry is upward filling.

P ¼ P1 � 3l0e
at 4Q1 � Qð Þ � Rþ c0ð Þ � h� p=4ð Þ
8t � c3p þ 2c30 � 3cpc20

� �
� dvt

� Rþ c0ð Þqg cos h� cos
p
4

� �
;

0� h� p
4
:

ð31Þ

The grouting pressure in 3p/4 grouting hole is P2, and the grouting volume is Q2.
The grouting pressure on the lining segment when the 3p/4 grouting hole slurry is
upward filling is

P ¼ P2 � 3l0e
at 4Q2 � Qð Þ � Rþ c0ð Þ � h� 3p=4ð Þ
8t � c3p þ 2c30 � 3cpc20

� �
� dvt

� Rþ c0ð Þqg cos h� cos
3p
4

� �
;

p
2
\h� 3p

4
:

ð32Þ

The grouting pressure on lining segment when the 3p/4 grouting hole slurry is
downward filling is
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P ¼ P2 þ 3l0e
at 4Q2 � Qð Þ � Rþ c0ð Þ � h� 3p=4ð Þ
8t � c3p þ 2c30 � 3cpc20

� �
� dvt

� Rþ c0ð Þqg cos h� cos
3p
4

� �
;

3p
4

� h� p:

ð33Þ

According to the above formula, the grouting pressure on the lining segments
produced by grouting at different grouting holes can be calculated. Thus, the final
grouting pressure on the lining segments is obtained.

4 The Example Analysis

4.1 Project Profile

On the basis of the Changsha rail transit Line 4 FuBi district west from the Fu Buhe
station, this study selects a typical section under the Xiangjiang River for calcu-
lation and analysis. The cross section of the 579 experimental rings is shown in
Fig. 4.

The typical section of the river water has a depth of 2.5 m and a shield tunnel
depth of 17.8 m, and the tunnel is entirely in a strong weathered conglomerate. The
grouting is a four-hole synchronous grouting, and the grouting pressures of the
upper and lower grouting holes are 2.4 bar and 3 bar, respectively. The shield shell
radius r′ = 3.14 m, the lining segment outer radius R = 3.0 m, the width B = 1.5 m,

Strong weathered conglomerate

Round conglomerate, thickness 2.3m

medium-coarse sand, thickness 1.6m

20.3m

2.4bar

3bar

2.4bar

3bar

the location of grouting hole

2.5m

Fig. 4 Typical cross section
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the propulsion distance dvt is a segment width, and the shield tunneling speed is v =
2.6 m/h. The head height h0 = 20 m; the original rock stress P0 = 0.33 MPa. The
material parameters of the surrounding rock are as follows: elastic modulus E = 100
MPa, Poisson’s ratio l = 0.25, porosity n = 0.158, permeability coefficient K = 0.15
m/d, cohesion c = 50 kPa, and internal friction angle = 37°.

In the process of grouting pressure measurement in the construction site, the
grouting pressure sensors are, respectively, embedded in the middle of the outer
side of each lining segment (six measuring points). The grouting pressure mea-
surement site is shown in Fig. 5.

4.2 Calculation of Project Instance

According to the theoretical calculation model and by substituting concrete con-
struction parameters, we obtain the grouting pressure on the lining segment when
the slurry diffusion is considered and the diffusion of slurry is ignored. The accu-
racy of the model is analyzed through the comparison of the measured values.

Calculation Model of Grouting Pressure Distribution without Considering the
Diffusion of Slurry

Regardless of the influence of slurry diffusion and the time-varying slurry viscosity
on the grouting pressure, the average flow rate of the grouting slurry in the shield
tail interspace is equal to the injected amount of slurry in the grouting hole.
According to the calculation formula of grouting pressure in this paper, the grouting
pressure distribution model of the slurry matching the Bingham fluid [Verify if
correct.] is calculated and compared with the field test results, as shown in Fig. 6.

Fig. 5 Shield tunnel grouting pressure measurement site

Grouting Pressure Distribution Model for the Simultaneous … 805



When the slurry fills the shield tail interspace, due to the interaction between the
slurry and the slurry’s weight, the grouting pressure will decrease during the
upward filling process and increase during the downward filling process, resulting
in uneven distribution of grouting pressure.

Calculation Model of Grouting Pressure Distribution Considering the Slurry
Diffusion and the Time-varying of Slurry Viscosity

(1) Considering the time-varying of slurry viscosity

The water–cement ratio of grouting slurry in the calculating section is 0.76, which
belongs to Bingham fluid. The expression of the time-varying of slurry viscosity is
as follows:

lðtÞ ¼ 19:9e0:0233t: ð34Þ

The viscosity of slurry is exponential with grouting time. Combined with the
calculation formula of grouting pressure, the filling distance and the viscosity of the
slurry increase with time, and the grouting pressure gradually dissipates.

(2) Grouting slurry diffusion to the surrounding rock

In addition to the karst area, turning sections, and over-under-excavation sec-
tions in the construction site, the volume of shield tail interspace is 4.65 m3 when
the shield machine makes once driving. The diffusion radius (r1 = 3.62 m) of the
diffusion zone can be obtained by combining the calculation method in this article
with the construction parameters. Through Formula (9), we can obtain the amount
of slurry Q that diffuses into the diffusion zone, that is, 2.37 m3. Therefore, the
grout slurry can completely fill the shield tail interspace when the total slurry
injection volume is 1.51 times the shield tail interspace volume.

Fig. 6 Bingham flow grouting pressure distribution
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(3) Influence of penetration pressure on surrounding rock

Set the slurry to fill the shield tail interspace, the influence of the expansion of
shield tail interspace under penetration pressure attribute to the amount of grouting
and shield tail interspace changes to discuss. According to Formula (19), the radial
displacement (ur) of the excavation cavern under the penetration pressure is 7.27
mm, and the volume of filling expansion part is 0.212 m3. Given that the sur-
rounding rock of the shield tunnel is a strongly weathered conglomerate, the elastic
modulus is relatively large, and thus the radial displacement of the caverns under
the action of the penetration pressure is small and has little effect on the grouting
pressure on the lining segment.

The above factors are substituted into the grouting pressure calculation model.
The grouting pressure calculation results are shown in Table 1. When the slurry
diffusion and the time-varying slurry viscosity are considered, the grouting pressure
distribution graph is shown in Fig. 6.

To obtain the accuracy of the calculation model relative to the field measurement
results, the optimization method is introduced. The optimization objective function
(J) is defined as follows:

J ¼
Xn
i¼1

pi � p�i
� �2,Xn

i¼1

p�2i ð35Þ

where n is the number of grouting pressure sensor measuring points on the outer
surface of the segment; and Pi

* and Pi are, respectively, the measured grouting
pressure value and the theoretical grouting pressure value of the ith monitoring point.

The optimal function (J1 = 1.225%) is calculated without considering the slurry
diffusion and the time-varying slurry viscosity. The optimal function (J2 = 0.801%)
is calculated according to the modified grouting pressure calculation model. The
calculation results show that the grouting pressure is reduced when the diffusion of
slurry is considered, and the calculated model is nearer the measured value.

5 Conclusion

(1) The filling of the grout slurry in the shield interspace corresponds to Bingham’s
fluid flow pattern. On this basis, the calculation model of grouting pressure
distribution, considering the slurry diffusion and the time-varying slurry

Table 1 Synchronous grouting pressure distribution table (unit kPa)

Calculation section 0° 30° 45° 60° 90° 120° 135° 150° 180°

Without considering diffusion 212 226 240 253 271 285 300 314 330

Considering diffusion 201 218 240 248 262 278 300 307 319
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viscosity, is deduced. The grouting pressure increases nonlinearly from the
vault dome to the arch base. Then, the results of field test and theoretical
calculation are compared to verify the correctness of the theoretical calculation
in this paper.

(2) The theory of grouting slurry diffusion in the surrounding rock, considering the
time-varying slurry viscosity, is deduced. The calculation formula of diffusion
radius and the amount of slurry that diffuses into the diffusion zone is deduced
and determines the amount of slurry that the shield tail interspace could be
filled with during the synchronous grouting. In addition, the radial, tangential
effective stress, and the radial displacement calculation formula of surrounding
rock under the influence of penetration pressure are obtained.

(3) The viscosity of slurry is exponentially proportional with the grouting time.
That is, considering the time-varying of slurry viscosity during synchronous
grouting together with the calculation formula of grouting pressure, the vis-
cosity of slurry increases with time, and the grouting pressure gradually dis-
sipates. Considering the gravity effect of the slurry, the grouting pressure will
reduce during the slurry upward filling and increase during the slurry down-
ward filling.

(4) According to the analysis of the engineering example, the diffusion of syn-
chronous grouting obviously influences the grouting pressure on the lining
segment, and the grouting pressure increases with the cross-sectional filling of
the shield tail interspace. The diffusion of the grouting slurry will reduce the
amount of shield tail interspace section filling, such that the grouting pressure
on the lining segment and the supporting stress of surrounding rock are
reduced. Therefore, during the synchronous grouting process, the grouting
pressure and grouting time should be controlled reasonably to ensure the safety
of shield construction. The calculation method of grouting pressure on the
lining segment is nearer the actual value, considering the grouting slurry
diffusion.
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Test Perceptions on the Degradation
of Aggregate Subjected to Cyclic
Triaxial Loading

Zhi-Qiang Lin, Jian-Gu Qian and Zi-Pei You

Abstract Aggregates are the principal materials of railway ballast, which for the
most part contain huge, angular particles with a normal size of roughly 40 mm.
Well-designed ballast is attractive to resist the pressures from the sleeper and after
that to pass a satisfactory pressure level at the top surface of the subgrade soil.
Though the functions of ballast by and large break down when subjected to
Repeated traffic loading and in the end come into non-shakedown, (for the sample,
ratcheting or incremental failure) reactions. In this work, a progression of expansive
scale cyclic triaxial Experiments on aggregate did distinguish diverse cyclic
degradation reactions. The permanent axial and volumetric strains are seen under
various cyclic stress ratios. Three distinct cyclic reactions, shakedown, cyclic creep
and incremental failure, are found. Shakedown happens at a moderately low cyclic
stress ratio, under which the IPC (increase per cycle) of fixed axial strain and the
IPC (area of hysteretic loop per cycle) of energy, dissipation will, in general,
become negligible in the wake of cycling, and the fixed volumetric strains show
compacting. Incremental failure happens at a generally high cyclic stress ratio,
under which the IPCs of axial strain and energy dissipation increment after a set
number of cycles, and the fixed volumetric strains show dilatancy. For cyclic creep,
the IPCs of axial and volumetric strain and energy dissipation become about
constant after an extensive number of cycles.
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1 Tested Sample and Equipment

The test was led by the extensive scale triaxial test device in Tongji University, and
the railway ballast from north Yimin-Alshan segment of Yimin line was utilized as
the sample. The normal density of the railway ballast is 1415 kg/m3, the obvious
density is 2650 kg/m3, and the void ratio is 0.873 [1]. The particle size distribution
curve is shown in Fig. 1.

The huge scale triaxial test device (Fig. 2) can apply, change and control the
axial loading, confining pressure and the rate of loading at the same time. It can
perform static and dynamic triaxial tests. Its applied dynamic load waveforms
incorporate sine wave, triangle wave, random wave, client-defined waveform, etc.
The fundamental technical parameters of this instrument are shown in Table 1.
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Fig. 1 Particle size distribution curve

Table 1 The main technical parameters of the large-scale triaxial test device

Parameters Allowable maximum value

Static axial force 1000 kN

Dynamic axial force 800 kN

Axial frequency 10 Hz

Transverse frequency 5 Hz

Synchronous bidirectional identical frequency 5 Hz

Confining pressure 2 MPa
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2 Laboratory Tests

The test was separated into five stages: sample preparation, instrument preparation,
solidification, loading and unloading.

Sample preparation [2, 3]: wash and dry the aggregate. Splice and spot three
steel plates on the base. At that point compact 15 kg railway ballast in the rubber
membrane, one more time with a tamping hammer to guarantee uniformity and
density of the sample. Repeat the task four times. Include the top cover, remove the
encompassing plate and fasten the sample up and down with ferrules to counteract
water spillage. The sample before loading is shown in Fig. 3.

Instrument preparation: move the sample to the pressure chamber through a
sliding track and move the chamber to the loading device. The engine is turned on
to warm-up. At that point turn on the control framework to zero the data a short
time later.

Solidification: so as to enable the sample to fumes the gas and to achieve a
constant state before loading, it is important to hang tight for a timeframe for
consolidating in the wake of including the confining pressure. At that point fill the
pressure chamber with distilled water through the inlet pipe. A while later the
underlying confining pressure is set by the control framework.

Loading: set the loading rate, maximum strain, etc., by the control framework.
Amid the loading procedure, test data were recorded by the control framework and
the confining pressure was checked continuously.

Unloading: the axial load was initially unloaded, and after that, the confining
pressure was unloaded by the control framework. Subsequently, the seepage valve
was opened to discharge the water and the pressure chamber was raised.

Fig. 2 The large-scale
triaxial test device in Tongji
University
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As shown in Fig. 4, the sample indicated clear horizontal development in the
wake of loading. The outside of aggregate kept up dryness subsequent to unloading
which demonstrated that the waterproof measures were set up and no spillage
happened in test. As indicated by the monitoring results amid the test, the confining
pressure was additionally kept consistent.

Fig. 3 The sample before
loading

Fig. 4 The sample after
loading
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3 Test Results and Analysis

Taking into account that the confining pressure of railway ballast in viable
designing is low which is for the most part between 20 and 100 kPa. As indicated
by the current research [4, 5], the railway ballast demonstrates the smallest particle
breakage in the range of 30–90 kPa. Thusly, this test chose a confining pressure of
50 kPa for both static monotonic loading tests and cyclic loading tests.

3.1 Static Monotonic Loading Test [6]

So as to get the static strength of the aggregate, static monotonic loading tests were
first performed.

The stress–strain curve obtained from the test is shown in Fig. 5.

3.2 Cyclic Loading Test

In the expansive scale, triaxial trial of the aggregate made by Suiker et al. [7], the
cumulative strains of the aggregate were seen under various cyclic stress ratios.

Reference the estimation of “relative cyclic stress” taken by Suiker, Qian et al.
[8, 9], the n = 0.50, 0.86 and 0.96 are chosen. The waveform of the stress input
embraces a triangular wave [4].
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n ¼ �q=pð Þcyc
�q=pð Þstat;max

ð1Þ

�q=pð Þcyc = stress amplitude for an individual load cycle.
�q=pð Þstat;max = static failure load.

Permanent axial strain Cyclic loading utilized a triangular waveform input to
control the mean and amplitude of deviator stress through the control framework.
The loading frequency is set to 3 Hz. The acquired fixed cyclic axial strain curves
under various cyclic stress ratios are shown in Fig. 6.

It tends to be seen from the figure that the fixed axial strain increases with the
number of cycles under all cyclic stress ratios and the vast majority of the defor-
mation happens in the initial 100 cycles. Also, the fixed axial strain is likewise
essentially more prominent in the sample as the cyclic dynamic stress ratio
increases.

In the meantime, the advancement of permanent axial strain indicates three
dynamic patterns at three distinctive cyclic stress ratios: at a moderately low cyclic
stress ratio, the shakedown happens, under which the fixed axial strain grows
gradually and the IPC (increase per cycle) of fixed axial strain will, in general,
become negligible rapidly in the wake of cycling [10, 11]. At a moderately high
cyclic stress ratio, the constant failure happens, under which the fixed axial strain
grows rapidly in the underlying stage, and afterward steadily turns out to be flat, yet
when the number is about somewhere in the range of 3000 and 4000 there is a
propensity to quicken improvement all of a sudden until the end of the analysis.
Also, the IPC of axial strain increases after a predetermined number of cycles. At a
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medium cyclic stress ratio, cyclic creep happens, under which the fixed axial strain
grows generally rapidly, yet in the long run it step by step becomes stable. Also, the
IPC of axial strain turns out to be negligible after a large number of cycles [12].

Permanent volumetric strain The permanent volumetric strain curves under
different cyclic stress ratios are shown in Fig. 7.

Likewise, the improvement of fixed volumetric strain demonstrates three
dynamic patterns: at a moderately low cyclic stress ratio, the fixed volumetric strain
indicates compacting. At a high cyclic stress ratio, the fixed volumetric strain
demonstrates dilatancy. The IPC of volumetric strain increases after an expansive
number of cycles. At a medium cyclic stress ratio, the sample demonstrates an
inclination of cyclic extension, yet the fixed volumetric strain progressively stabi-
lized. The IPC of volumetric strain turns out to be almost insignificant after an
expansive number of cycles.

Stress–strain hysteresis loop Stress–strain hysteresis loop [8] is a critical list to
think about the dynamic attributes of soil, and its shape and size mirror the energy
dissipation of the soil amid loading. Figures 8, 9 and 10 demonstrate the stress–
strain hysteresis loop for N = 10, 1000 and 8000 at three distinctive cyclic stress
ratios under 50 kPa confining pressure.

It tends to be seen from the figure that the stress–strain hysteresis loop moves
consistently to one side amid the cycles.

At a generally low cyclic stress ratio, the shakedown happens, under which the
IPC (region of hysteretic loop per cycle) of energy dissipation will, in general,
become negligible in the wake of cycling and the slope of the hysteretic circle
remains generally unaltered. Both of them demonstrate that the energy dissipation
in each cycle steadily diminishes and the microstructure of the sample bit by bit
stabilizes.
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At a generally high cyclic stress ratio, the constant failure happens, under which
the IPC of energy dissipation increases after a predetermined number of cycles and
the hysteretic circle demonstrates a pattern of consistent dumping. Both of them
demonstrate an inexorably bigger piece of the dissipative energy adding to the
irreversible deformation which in the end prompts that the internal structure of the
sample destructs and cannot achieve the constant state.

At a medium cyclic stress ratio, cyclic creep happens, under which the IPC of
energy dissipation somewhat increases and turns out to be almost constant after a
substantial number of cycles which demonstrate that the internal structure of the
sample has been damaged and in the long run ends up stable.

4 Conclusions

In this work, a progression of expansive scale cyclic triaxial tests on aggregate was
completed to recognize diverse cyclic degradation reactions. The fixed axial and
volumetric strains are seen under various cyclic stress ratios. Three distinct cyclic
reactions, shakedown, cyclic creep and constant failure, are found.

(1) The shakedown happens at a generally low cyclic stress ratio, under which the
fixed axial strain grows gradually and the IPC (increase per cycle) of fixed axial
strain will, in general, become negligible rapidly subsequent to cycling. The
fixed volumetric strain indicates compacting. The IPC (area of hysteretic loop
per cycle) of energy dissipation will, in general, become negligible in the wake
of cycling and the slope of the hysteretic circle remains generally unaltered.

(2) The constant failure happens at a generally high cyclic stress ratio, under which
the fixed axial strain grows rapidly in the underlying stage, and after that bit by
bit turns out to be flat, yet when the number is about somewhere in the range of
3000 and 4000 there is an inclination to quicken advancement all of a sudden
until the end of the examination. The fixed volumetric strain demonstrates
dilatancy. The IPC of volumetric strain increases after a large number of cycles.
The IPC of energy dissipation increases after a predetermined number of cycles,
and the hysteretic circle demonstrates a pattern of consistent dumping.

(3) For cyclic creep, the fixed axial strain grows generally rapidly; however, in the
long run, it continuously becomes stable. The sample demonstrates an incli-
nation of cyclic development; however, the fixed volumetric strain bit by bit
stabilized. The IPC of volumetric strain turns out to be almost negligible after a
substantial number of cycles. The IPC of energy dissipation somewhat
increases and turns out to be almost constant after a substantial number of
cycles.
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Comparison of Dynamic Modulus
Assignments for Isparta State Highways
According to Mechanistic-Empirical
Pavement Design Method

Kemal Armagan, Mehmet Saltan, Serdal Terzi and Nevzat Kirac

Abstract Mechanistic-Empirical Pavement Design Method (MEPDM) determines
the necessary pavement thickness for given design inputs and deformations in
pavement by combining the parameters of mechanical modeling and observations of
pavement performance through the pavement design life. To examine various dis-
tresses including cracking, rutting and roughness in MEPDM, pavement dynamic
modulus (E*) which is a function of age, temperature, rate of loading, and mixture
properties, such as aggregate air voids, gradation, binder stiffness and binder content
needs to be determined. For this, there are three levels of analysis in MEPDM. In
Level 3, there is no need for laboratory tests, and there are prediction models to
assign the dynamic modulus. These models can implement time-dependent analysis
of pavement. In this study, statistical climate data analysis of 20 years including
1995–2014 period of Isparta province was examined. Then, the prediction models
were used to determine the dynamic modulus master curves of Isparta state high-
ways, and these master curves were compared.

Keywords Mechanistic-Empirical Pavement Design Method � Dynamic elasticity
modulus � Master curve

1 Introduction

Different material types are using to build the flexible pavements. So, the different
material properties of all these material types, the interaction of pavement layers,
traffic and environmental loads are highly important for pavement performance [1].
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MEPDM is a method that determines the required pavement thickness for the
lifespan of the pavement. MEPDM uses the combination of mechanical modeling
elements and performance observations to determine the pavement response to traffic
loads and environmental conditions. Then, the mechanical part defines the model
responses such as stress, strain and displacements for a given set of design inputs.
Then, the empirical part uses the pavement responses to predict the deteriorations of
pavement for the lifespan of the pavement based on the actual field performance [2].

2 Method

MEPDM is used in this paper. MEPDM is a complex pavement design method
which uses performance models, performance predictions and pavement response
to analyze pavement performance by considering material properties, structure,
environmental and traffic loads as input factors [1, 3].

There is a hierarchical (level) system to define input parameters in MEPDM. The
approach in system is based on the need to knowledge. In input Level 1, there are
comprehensive laboratory tests. Level 2 inputs are estimating through correlations
with other materials that are commonly measuring in laboratory or field. In input
Level 3, there is no or little need to testing, input parameters are estimating by
experience or default values. There are major material types as default values
available for input Level 3 in the MEPDM. Regardless of the selected input level,
the program runs the same analysis for all input levels [4].

For all three input levels, asphalt binder data is required to determine the vis-
cosity at any temperature by using viscosity-temperature relationship recommended
by ASTM

2493M-09. The linear regression is performed to obtain the regression param-
eters in Eq. 1 [5, 6].

log log g ¼ AþVTS log TR ð1Þ

where

η binder viscosity, cP.
TR temperature, Rankine.
A regression intercept.
VTS regression slope of viscosity-temperature susceptibility [5, 6].

2.1 Mastercurve and Shift Factors

Sigmoidal parameters best describe the shape and the location of the mastercurve
by mathematically modeling, using Eq. 2 [7, 8].
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logE� ¼ dþ a

1þ ebþ c log fRð Þ ð2Þ

In Eq. 2, fR is the loading frequency at the reference temperature. d, a are known
as the fitting parameters that depend on aggregate gradation, binder contents and air
void. b, c depend on characteristics of asphalt binder and determines the shape of
the sigmoidal functions [2, 7]. Equations 3 and 4 are needed to define logfR in
Eq. 2.

fr ¼ fð Þat Tð Þ ð3Þ

f frequency of loading at desired temperature
T temperature of interest
at(T) shift factor as a function of temperature [9].

log at Tð Þð Þ ¼ a1 T2 � T2
ref

� �þ a2 T � Trefð Þ ð4Þ

Tref reference temperature, 19 °C (or 66.2 °F)
a1 and a2 the shift factor polynomial coefficients [7]

2.2 Level 3 Analysis

For Level 2 and 3 inputs, the dynamic modulus master curve can have obtained
directly from an empirical predictive equation. This predictive equation has an
empirical relationship between |E*| and mixture properties. For Level 3, default
A and VTS values are based on the binder grading as shown in Table 2 can be used.
Beside Superpave performance grade (PG), penetration grade or viscosity grade
parameters can also be used for determining A and VTS values [10].

2.3 Review of the US Dynamic Modulus Database
and Predictive Models

There are many prediction models to assign dynamic elasticity modulus of asphalt
pavement in MEPDM. Some of them are listed in Table 1 due to their publishing
year.
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3 Data Analysis and Comparison Results

In this study, three dynamic elasticity mastercurve predictions have been made from
Isparta and its neighbor cities Afyonkarahisar and Antalya. Then, these master
curves have compared with each other (Table 2).

3.1 Description of Materials

For prediction of the dynamic modulus of pavement materials, aggregate gradation
in Table 3 and 1.03 g/cm3 value as specific gravity of bitumen have used to
determine the material properties in asphalt mixture. As seen in Table 3, Turkish
standards have been considered for preparing the asphalt mixture samples.

3.2 Climatic Data Analysis

In this study, 20 years of climatic data between 1995 and 2014 years were analyzed
for Isparta and its neighbor cities Afyonkarahisar and Antalya to decide the per-
formance grade (PG) of bitumen used in the models. Analysis results have shown in
Table 4.

Table 1 E* prediction models [3, 10, 11]

Model no. E* predictive model Year

1 Van der Poel (Shell Oil’s early version) model 1954

2 Bonnaure (Shell Oil’s early version) model 1977

3 Shook and Kallas’ models 1969

4 Witczak’s early model 1972

5 Witczak and shook model 1978

6 Witczak 1981 model 1981

7 Witczak, Miller and Uzan’s model 1983

8 Witczak and Akhter’s model 1984

9 Witczak, Leahy, Caves and Uzan’s models 1989

10 Witczak and Fonseca’s model 1996

11 Andrei, Witczak and Mirza’s revised model 1999

12 Hirsh model of Christensen, Pellinen and Bonaquist 2003

13 Witczak and Bari model 2006

14 Witczak (NHCRP) 1-40D 2007

15 Georgouli model 2015
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3.3 Development of Mastercurve

Georgouli model (Eq. 5) has been used for dynamic elasticity modulus prediction
because this model was known as the latest model, and the model was tested in
neighbor country of Turkey.

logE� ¼ 3:9þ 3:7437q200 � 0:0298 q200ð Þ2

� 0:01221q4 � 0:08686Va � 0:94215
Vbeff

Vbeff þVa

� �

þ 3:04483� 0; 01124q4 þ 0:00242q38 þ 0:00025 q38ð Þ2 þ 0:00111q34
1þ e �1:07682þ 0:47006 log f�0:62593 log gð Þ

:

ð5Þ

E* dynamic modulus of mixture (psi)
η viscosity of binder (106 poise),
f loading frequency (Hz),
Va air voids (percentage by volume),
Vbeff effective binder (percentage by volume),
q200 cumulative percentage retained on 0.075 mm (No. 200) sieve,
q4 cumulative percentage retained on 4.75 mm (No. 4) sieve,
q34 cumulative percentage retained on 19 mm (3/4 in) sieve,
q38 cumulative percentage retained on 9.5 mm (3/8 in) sieve [3].

To draw a mastercurve of dynamic elasticity modulus there is a relation required
to establish between viscosity and temperature. Equation 1 was used to establish

Table 3 Aggregate
gradation

Sieve Design Turkish
standard

mm in. Gradation Limits

25.4 1″ 100 100 100

19.0 3/4″ 90.3 80 100

12.5 1/2″ 71.1 58 80

9.5 3/8″ 58.1 48 70

4.5 No. 4 42.9 30 52

2.0 No. 10 31.1 20 40

0.4 No. 40 11.2 8 22

0.18 No. 80 7.3 5 14

0.075 No. 200 4.6 2 7

Table 4 PG values due to
temperature analysis of
compared cities

PG value Isparta Antalya Afyonkarahisar

64-22 70-16 64-34

826 K. Armagan et al.



this relation, A and VTS values were taken from Table 5 due to performance grade
analysis of required bitumen for all three cities. By using all parameters in Eq. 5
dynamic elasticity modulus in different temperatures have been calculated. For
combining these results to draw a mastercurve, Eqs. 2–4 were used.

After the calculations, maximum and minimum predicted dynamic elasticity
modulus values as seen in Table 6 have been obtained.

By drawing all three master curves, the graph in Fig. 1 has obtained. Then,
Poisson’s ratio has been calculated from Eq. 6.

Table 5 A and VTS values
for each city due to
performance grades

Isparta Antalya Afyon

A 10.980 10.641 9.461

VTS −3.680 −3.548 −3.134

Table 6 Max. − Min. values
of dynamic elasticity modulus
values for compared cities

Isparta Antalya Afyonkarahisar

Maximum (MPa) 7761.13 7758.05 7761.88

Minimum (MPa) 6590.14 6973.65 6212.38
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Fig. 1 Estimated master curves of three cities
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l ¼ 0:15þ 0:35
1þ e �12;452þ 2;29 logE�ð Þ ð6Þ

µ Poisson’s ratio [10].

Achieved Poisson’s ratio results by using Eq. 6 of all three cities have shown in
Fig. 2.

4 Conclusion

The dynamic elasticity modulus is a key design parameter in the MEPDM. For a
reliable pavement design, calibration or analysis in MEPDM, Level 1 asphalt
materials inputs are required. The standard laboratory procedures for determination
of dynamic elasticity modulus and the testing process and development of the
master curve require time and significant resources. So, if there is no chance to get
field or laboratory test data, Level 3 analysis can be used. In this paper, Level 3
inputs were used to develop a predicted E* master curve by using volumetric
parameters for all three cities and to compare the results. For these predictions,
Georgouli model was used because the other latest prediction models were prepared
for USA roads and climate, but Georgouli model was established for Greece roads
which is closer to Turkey.

• The results have shown by a reduction in minimum temperature value, dynamic
elasticity modulus decreases.

• And an increase in maximum temperature rises the dynamic elasticity modulus
values.
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• In comparison with the temperature changes in Isparta to Antalya (case 1) and
Isparta to Afyonkarahisar (case 2) cities; in case 1 by an increase in maximum
temperature and decrease in minimum temperature, E* increases, in case 2
maximum temperature remain unchanged and by a decrease in minimum tem-
perature cause a decrease as expected but in case 2, E* was affected more than
comparing to case1.

• For Poisson’s ratio chance, the results showed that in case 2 Poisson’s ratio
decreases more slowly than in case 1.

• Overall, the analysis procedure and a comparison have obtained from the pre-
sent paper, there is still field data needed to verify the Georgouli model which is
suitable for using in Turkey’s asphalt pavements, or a calibration is needed to
modify the model.
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Expanded Glass Usability in Hot-Mix
Asphalt as Fine Aggregate

Sebnem Karahancer , Nihat Morova , Ekinhan Eriskin ,
Kemal Armagan , Gizem Kacaroglu , Oznur Karadag ,
Mehmet Saltan and Serdal Terzi

Abstract In this study, the usability of expanded glass (EG) in hot-mix asphalt
(HMA) as the fine material is investigated. Firstly, standard tests on the EG have
been done to determine the basic properties. Next, optimum binder content and
aggregate gradation are determined in accordance with Superpave volumetric mix
design. The EG is substituted into the HMA as a fine aggregate (in accordance with
the original size) in four different rates (25, 50, 75 and 100%). Optimum binder
content for each EG ratio is determined. The Superpave gyratory compactor is used
for the compaction of the specimens. Prepared specimens have been tested for the
indirect tensile strength and tensile strength ratio.

Keywords Expanded glass � Fine aggregate � Superpave � Hot-mix asphalt
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1 Introduction

In cold regions, where freeze and thaw occur many times in a year, soft and
frost-susceptible soil got a failure. By cold winter, the pavement heaves because of
the frost and got thawed by spring. As a result, reduced bearing capacity is
obtained, a big part of the maintenance and reconstruction cost. In addition, the
corrupted asphalt pavement increases the travel costs for the road users due to the
roughness and delay [1].

Dense-graded mixtures are very common in the world because they are very
suitable for all the traffic conditions. Primary advantages of the dense-graded
mixtures are the lower initial cost, and most of the hot-mix asphalt
(HMA) producers are familiar with the production. However, because of the small
air void in the pavement, frost could penetrate through the whole pavement. So, the
traffic safety is reduced while the pavement fails. Using anti-icing or de-icing
materials is expensive and not always practical. But, if the pavement could be
constructed using high-insulation materials, the constructed pavement could have
low frost penetration value.

Lightweight aggregate (LWA) has less specific gravity compared to the tradi-
tionally used aggregates and so has more air voids. There are some studies about
using the LWA for several civil engineering applications for building lightweight
and frost insulation constructions [2–7].

In this study, expanded glass (EG) (see Fig. 1) has been used for determining the
usability in the dense-graded HMA as fine aggregate. Therefore, the EG has been
sieved to determine the granular size. Then, the EG is substituted into the gradation
in four different rates (25, 50, 75 and 100%) by weight of the corresponding fine
aggregate. Optimum binder content for each EG rate is determined using the
Superpave volumetric mix design procedure. Afterwards, the specimens are tested
using indirect tensile strength test.

2 Experimental

2.1 Materials

Aggregate. Limestone aggregate is obtained from Isparta Municipality for the
study. Standard tests have been done to determine the physical characteristics of the
aggregate. The test results are given in Table 1. The dense-graded aggregate gra-
dation used in this study is shown in Fig. 2. The study is performed for the wearing
course of the pavement. So, the nominal maximum aggregate size is selected as
12.5 mm. The gradation curve is selected with respect to the control points
expressed in AASHTO MP2 [8].
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2.2 Bitumen

Bitumen with a penetration grade of 50/70, used for this study, is obtained from
Isparta Municipality. Basic rheological properties are shown in Table 2.

The optimum binder content is determined using the Superpave volumetric mix
design procedure. The ESALs are determined as greater than 30 � 106; so the
Ndesign is selected as 125 gyros. Four different bitumen rates are predetermined for
each EG rate and reference specimen. All the specimens have been compacted
using Gyratory Compactor for 125 gyros with each bitumen rate. Then, the air

Fig. 1 A sample of the expanded glass

Table 1 Limestone aggregate characteristics

Sieve size (mm) Property Value

<0.075 Specific gravity (g/cm3) 2.640

4.75–0.075 Specific gravity (g/cm3) 2.680

Saturated specific gravity (g/cm3) 2.652

Water absorption (%) 0.130

25–4.75 Specific gravity (g/cm3) 2.700

Saturated specific gravity (g/cm3) 2.428

Water absorption (%) 2.800

Abrasion loss (%) 20.38
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voids are calculated and the bitumen rate corresponding to the 4% air void is
predetermined as optimum bitumen content. In addition, the predetermined bitumen
content should ensure the minimum voids in mineral aggregate rate (VMA) which
is 14% for 12.5 mm nominal maximum aggregate size gradations and voids filled
with asphalt (VFA) which is between 65 and 75%.

2.3 Expanded Glass

The EG is sieved before substituting it into the gradation. As the result of the
sieving analyses, the EG’s granular size is determined as 0.25–0.425 mm (No. 60–
No. 40). The geometrical shape of the EG is a sphere, which decreases the void to a
minimum. The technical properties of the EG are given in Table 3.
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Fig. 2 Gradation of the aggregates

Table 2 Basic bitumen
properties

Test Average value

Penetration (@ 25 °C) 60–65

Flash point 180 °C

Combustion point 230 °C

Softening point 45.5 °C

Ductility (5 cm/min) >100 cm

Specific gravity 1.030
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3 Results and Discussion

Optimum bitumen contents for each substitution rate are calculated. The air void,
VMA, VFA and specific gravity results are shown in Figs. 3, 4, 5 and 6,
respectively.

As seen in Figs. 3, 4, 5 and 6, optimum binder content is rising. Withal, the
VMA values for each mixture are rising, also. However, by increasing the EG ratio,
the VFA values exceed the specification limits. This could be explained by
increasing the low-density EG by replacing the high-density limestone increases the
surface area of the specimen. So, the needed bitumen rate is increased to cover the
aggregates. By adding too much bitumen, the VFA limits exceed. But, as seen in
Fig. 6, the constructed specimens got lighter than the reference specimen. As seen
in Figs. 3, 4, 5 and 6, optimum binder contents are calculated as 4.5, 5.49, 6.28 and
8.55% for reference, 25%, 50%, 75% and 100% EG-substituted specimens,
respectively.

Table 3 Technical properties
of the EG [9]

Granular size (mm) 0.25–0.425

Dry unit density (kg/m3) 370 ± 40

Specific gravity 0.689

Crush resistance (N/mm2) 2.8

Water absorption (%) 17

Softening point (°C) 700

Colour White

Fig. 3 Calculated air voids for each substitution rate
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After obtaining the optimum binder contents, specimens for each EG substitu-
tion rate have been mixed with the corresponding bitumen rate. Then, they are
tested using modified Lottman test method for obtaining the strength test results in
the conditioned and unconditioned case. Therefore, specimens have been cured in

Fig. 4 Calculated voids in mineral aggregate for each substitution rate

Fig. 5 Calculated voids filled with asphalt for each substitution rate
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an oven at 40 °C for 72 h. Then, half of the specimens have been loaded till failure
for obtaining the unconditioned case. The rest of the specimens have been soaked
into a water bath, vacuum-saturated and frozen. By thawing the specimens in an
oven at 60 °C, the specimens got spread. They were unable to take out from the
water bath for loading. So, the conditioned case values are not available.
Unconditioned test results are shown in Fig. 7.

As seen in Fig. 7, the strength values are decreasing by substituting more EG.
The reason could be explained by the increase in the bitumen rate. But, the height of
the specimens has been increased up to 18% by increasing the substitution rate.

4 Conclusion

Usability of expanded glass as fine aggregate in dense-graded hot-mix asphalt
pavement has been studied. The gradation and the binder content have been
determined using Superpave volumetric mix design procedure.

As a result of the indirect tensile strength test results, the expanded glass could
be used in cold regions, but in hot climate regions, it seems not possible. The
weight of the pavement could be decreased by substituting expanded
glass. However, optimum binder content increases by the increase in the substi-
tution rate.

Fig. 6 Calculated specific gravity values for each substitution rate
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Determination of Safety Distance
of Twin Tunnel Underpassing
Existing Tunnels

Helin Fu, Pengtao An, Zhen Huang, Jiabing Zhang, Yue Shi
and Guojing Yao

Abstract New tunnel underpassing the existing tunnel construction forms a
complex stress-coupling zone above it, causing uneven settlement. In order to
ensure the safety of existing tunnels, it is necessary to determine the minimum safe
construction distance for tunnels that pass through existing tunnels. Based on this,
the FLAC3D

finite difference method is used to construct a three-dimensional
numerical model of the new tunnel that is orthogonal to the existing tunnel. The
effect of different surrounding rock conditions on the settlement of the existing
tunnel structure is discussed. Effect of different surrounding rock conditions on the
settlement of the existing tunnel structure is discussed. It is determined that the new
tunnel underpass different surrounding rock conditions. There is a minimum safe
construction distance for the tunnel. On this basis, the effect of grouting rein-
forcement on the settlement of existing tunnels under the soft and broken sur-
rounding rock is given. The results of the study can be used to determine the safety
distance for the construction of a similarly built tunnel that is orthogonal to the
existing tunnel.

Keywords Tunnel engineering � Orthogonal underpass � Safety distance �
Numerical simulation

1 Introduction

With the rapid development of China’s transportation industry, more and more
subway projects have been put into construction, and the construction of existing
tunnels has become an unavoidable problem. The construction of a new tunnel that
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passes through an existing tunnel at a short distance will form a complex
stress-coupling zone and cause uneven settlement of the ground, creating a large
potential safety hazard for the existing tunnel. For the existing tunnel under con-
struction, many researchers have carried out a lot of research work. For example,
Ren et al. [1] combined with an example of a subway tunnel in Guangzhou to study
the deformation characteristics of the surface and found that the loss of the stratum
during the tunneling of a double-hole parallel tunnel was the main cause of surface
subsidence. Zhang et al. [2] took a new subway tunnel vertically below the tunnel
of Suzhou subway Line 1 as an example and proposed that the distance between the
new tunnel to cross the existing tunnel should be greater than 0.8 times the diameter
of the newly built tunnel. Zhang et al. [3] described the interaction of the newly
built tunnel-soil-existing tunnel by combining the principle of the stratum method
with the principle of the mirror image method.

Wei et al. [4] based on the winker elastic foundation beam model, considering
the pipe–soil effect, established the relation between continuous pipeline strain and
ground settlement. Lai et al. [5] comprehensively considers the coupling effect of
the former tunnel, soil, and underpassing tunnels, and divides the affected area
during the construction of double tunnels into weak, strong, and non-affected areas.
Hu et al. [6] used FLAC3D to simulate the process of tunnel shield excavation, and
analyzed the changes of structural stress and strain during the process of tunnel
excavation. Wang et al. [7] collected 23 sets of data from ten close-to-underground
projects in Beijing and found that most of them conformed to the Peck formula
above, it can be seen that domestic and foreign experts and scholars have already
conducted relatively extensive research on this, but all of them are based on the
surrounding rock conditions of fixed projects, and the conclusions are limited in
promotion. In order to further improve the existing research deficiencies, this paper
proposes a theoretical derivation combined with FLAC3D numerical analysis soft-
ware and recommends the safe construction distances for different surrounding rock
conditions and grouting reinforcement for weak and broken surrounding rock. The
study is intended for design and construction reference.

2 Theoretical Calculation of Safe Construction Distance

The prediction methods for settlement caused by tunnel construction include the
stochastic medium method, empirical method, numerical analysis method, and
physical model method. The Peck formula is a representative of the empirical
method and is the most widely used. The classic Peck formula states that the surface
sedimentation is in a normal distribution and its expression is:
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In Eqs. (1) and (2), Sx is the distance between the cross section and the axis; x is
the settlement of the ground point; i is the width coefficient of the settlement trough,
which represents the horizontal distance between the anti-rebound point and the
origin of the ground settlement curve; H is the thickness of the cover soil from the
center point of the tunnel; h is the weighted average of the friction angle within
the soil; and Vl is the loss of the amount caused by tunnel excavation.

Ren et al. [8] thought that the effect of two tunnel excavations on surface
settlement is more complicated than that of a single tunnel, but considering that
excavation will disturb the surrounding rock and soil and form disturbance areas,
and the second tunnel is often lagging construction; therefore. the resulting set-
tlement of the surface soil can be approximated as a superposition of the separate
construction of the two tunnels. Assume that the distance between the center of the
new tunnel is d, the connection line is the x-axis, the middle point is the origin of
the coordinate, and the vertical direction is the y-axis. The settlement trough is
shown in Fig. (1), and the double-hole excavation Peck formula is:
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The derivation of formula (3) gives (4):
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Fig. 1 Twin tunnel
excavation stratum
sedimentation trough
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It is known that the settlement at the origin, x(2), and x(3) is extreme value, so the
settlement value is less than the control settlement at three, and the maximum
settlement is less than the control settlement.

The settlement of the original point O is as follows:

sð0Þ ¼ 2� vlffiffiffiffiffiffi
2p

p
i
e
�d2

8i2 ð5Þ

s(0) = scontrol, obtained:

ilimit0 ¼
v1 � e

lambertw 0;� d�scontrolð Þ2ð Þ
5:1�v21

� �
1:25� scontrol

ð6Þ

Lambertw is the Lambert function. At this time,

Hlimit0 ¼ ilimit0 �
ffiffiffiffiffiffi
2p

p
� tan 45� � h

2

� �
ð7Þ

Obviously, x(2) is the same as the settlement at x(3), only considering the set-
tlement at x(3). Assuming that s(3) = t.

t is substituted into the formula (3), assuming that the settlement is scontrol.

vl ¼ 2:5i� scontrol

e
� 0:5dþ ðd�ðt�1ÞÞ

2tþ 1ð Þ2
2i2

� �
þ e

� 0:5d�ðd�ðt�1ÞÞ
2tþ 1ð Þ2
2i2
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By the iterative method, the H 3limit can be obtained approximately. Therefore,
the minimum safe distance, Hlimit ¼ max H0limit andH3limitf g.

3 Numerical Simulation

3.1 Dimensions and Boundary Conditions

Both the existing and new tunnels are twin shield tunnels with a diameter of 5.2 m,
a horizontal distance of 13.2 m from the center of the double hole, and an existing
depth of 15.6 m. In order to eliminate the influence of the boundary effect, the
model is 99.6 m along the axial direction of the existing tunnel, 99.6 m along the
axial direction of the new tunnel, and 45.6 m high. The thickness of the segment is
0.4 m, and the width of each segment is 1.2 m. All boundary conditions are dis-
placement boundary conditions, where the fixed boundary constraint is applied to
the surrounding and bottom surfaces of the model, and the upper surface is a free
boundary. The completion time of the existing tunnel construction is relatively
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early. The disturbed soil body has completed the consolidation of the main con-
solidation before the excavation of the newly built tunnel. Therefore, the settlement
of the ground is cleared before the settlement caused by the construction of the new
tunnel. The model is shown in Fig. 2. As shown.

3.2 Simulation Conditions

The surrounding rock types III, IV, and V were simulated separately, in which the
parameters of the IV surrounding rock were discrete and divided into three
sub-levels.

3.3 Model Parameters

The constitutive relation adopts the Mohr–Coulomb yield criterion, and the sur-
rounding rock parameters are valued according to the road tunnel design specifi-
cation [9], as shown in Table 1, in which the tunnel segment is C50 reinforced
concrete.

Fig. 2 Numerical model
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4 Results and Analysis

According to experience, a safety distance is presupposed and FLAC3D calculation
software is used to model and calculate. Based on the calculation results, the
Stratum loss value is pushed back. The paper [10] uses the interval of the
Fangzhuang–Shilihe station on Line 14 of the Beijing subway as a background and
combines the Peck formula to fit the deep-displacement curve of the stratum. The
results show that the deep-displacement curve of the stratigraphy conforms to the
normal distribution of the Peck formula, and the stratum loss rate is basically
unchanged in different depths. Based on this research conclusion, it is assumed that
the net spacing is independent of the loss rate of the formation. At the same time,
according to the Shanghai Metro code, the minimum safe construction distance is
obtained by taking the maximum settlement 5 mm of 5 mm of the existing tunnel
as the control standard. The loss rate of strata under various surrounding rock
conditions is shown in Table 2.

Table 2 results are replaced by the formula Eq. (1) to get the relationship
between the surrounding rock level and the existing tunnel settlement, as shown in
Fig. 3.

The d = 13.2 m and scontrol = 5 mm are substituted into formula (6), Eqs. (7),
and (8) ; the relationship between ilimit and surrounding rock grade is shown in
Table 3.

Table (3) results are replaced by the formula (2), and the safe distance between
the surrounding rock level and the orthogonal safety is shown in Fig. 4.

Table 1 Standard values of physical and mechanical indexes of surrounding rock at all levels

Surrounding
rock level

Heavy
(kn/m3)

Modulus of
elasticity (GPa)

l Friction Cohesion
(MPa)

III 24 13 0.28 44.5 1.1

IV1 22.5 4.83 0.31 36 0.55

IV2 21.5 3.65 0.33 33 0.4

IV3 20.5 2.48 0.34 30 0.3

V 18.5 1.5 0.4 23.5 0.13

Table 2 Surrounding rock conditions and formation loss rate

Surrounding rock Formation loss (m3) Formation loss rate (%)

III 3.82 � 10−2 0.14

IV1 4.25 � 10−2 0.15

IV2 12.4 � 10−2 0.44

IV3 70.9 � 10−2 2.5

V 154.3 � 10−2 5.4

844 H. Fu et al.



The settlement trough of the existing tunnel is not only related to the distance
between the center of the new tunnel but also to the surrounding rock. When the
surrounding rock conditions are poor, the internal friction angle is smaller. It is
known by the formula (2) that the coefficient of the settlement trough caused by the
single-line tunnel excavation is less, and the weak coupling of twin tunnel

Fig. 3 Relationship between
surrounding rock level and
existing tunnel settlement

Table 3 Relationship
between surrounding rock
level and ilimit

Surrounding
rocks

icontrol0
(m)

icontrol3
(m)

icontrol
(m)

III 3.38 2.04 3.38

IV1 4.22 2.12 4.22

IV2 18.7 18.81 18.8

IV3 113.2 113.3 113.3

V 246.8 246.8 246.8

Fig. 4 Relationship between
surrounding rock level and
orthogonal underpass safety
distance
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excavation, so it is generally a double-peak curve. As we can see from Fig. 3, when
the surrounding rock of grade is III, IV1 and IV2, the existing tunnel will settle into
a flat “V” type, and the tunnel in the surrounding rock of IV3 and V has formed a
“W” type.

From Fig. 4, we can see that when the surrounding rock conditions are IV2, IV3,
and V, the safety distance for orthogonal underpass is larger, especially when the
IV3 and V safety distance exceeds 150 m, and measures need to be taken to control
the safety distance.

5 Grouting Reinforcement

In order to reduce the orthogonal safety distance, certain measures must be taken to
ensure the safety of the structure. Grouting reinforcement is a widely used method.
For example, Liu et al. [10] took the Beijing subway as the research object and
compared the effect of shield tunnel construction under existing reinforcement
schemes on the existing tunnels. Chen [11] took the subway of Beijing Exhibition
Center West Road under the subway line 4 as the background. Under the premise of
considering grouting measures, the minimum safety distance of the overlapping
tunnel was recommended to be 4 m. Wan et al. [12] conducted numerical simu-
lation analysis on the effect of different reinforcement measures when using the
CRD method on the deformation of existing stations and rails, and determined the
grouting reinforcement parameters and the strata reinforcement range and rein-
forcement length during construction. Ling et al. [13] showed that the optimized
grouting reinforcement scheme can effectively control the surface settlement. Li
[14] combined with an existing tunnel engineering example under a subway shield
tunnel, analyzed the effectiveness of grouting reinforcement in the control of sur-
rounding rock settlement of the existing tunnel under shield construction. Shen [15]
took measures to improve the settlement of the existing subway tunnel structure by
means of reinforcement measures after the segment wall. Huang [16] used
deep-hole grouting and small-pipe grouting under the existing subway station to
reinforce the soil and control surface settlement.

In this paper, the safety distance of grade IV2, IV3, V, and V is fixed to 4 m, and
the value of surrounding rock parameters after grouting is given by numerical
simulation. The grouting reinforcement range is from the bottom of the existing
tunnel to the bottom of the new tunnel, and the other two directions are 10 times the
new tunnel diameter.

The relationship between the surrounding rock parameters after grouting and the
existing tunnel settlement is shown in Fig. 5.

As shown in Fig. 5, when the cohesion is less than 0.55mpa, the three curves are
different, that is, the surrounding rock level has a greater impact on the settlement of
the existing tunnel; when the cohesion is greater than 0.55mpa, the three curves are
basically overlapped, and the surrounding rock level has no effect on the settlement
of the existing tunnel. According to the parameters taken by FLAC3D, when the
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cohesive force is greater than 0.55mpa, the elastic modulus, internal friction angle,
and Poisson ratio have great influence on the settlement of existing tunnels.

According to Fig. 5, it is more suitable to raise the cohesiveness of the IV2

surrounding rock to 0.45–0.5 MPa, the IV3 surrounding rock to raise the cohesion
to 0.5 MPa, and the V surrounding rock to raise the cohesion to 0.55–0.6 MPa.
According to Fig. 5, it is more suitable to raise the cohesiveness of the IV2 sur-
rounding rock from 0.45 to 0.5 MPa, the IV3 surrounding rock to 0.5 MPa, and the
V surrounding rock from 0.55 to 0.6 MPa.

6 Conclusion

(1) The settlement shape of the existing tunnel is related to the grade of the sur-
rounding rock. When the distance between the centers of the new tunnel is
13.2 m and the tunnel diameter is 5.2 m, the tunnel settlement is a flat
single-peak curve when the surrounding rock of III, IV1, and IV2, and the
settlement of the tunnel in the surrounding rock of IV3 and V is the double-peak
curve.

(2) The theoretical calculation formula for the safety distance of the twin orthog-
onal tunnel through existing tunnels is deduced. Based on the formula and
numerical simulation, it is suggested that the minimum distance of III sur-
rounding rock is 4 m, the IV1 surrounding rock is 6 m, and IV2 is 26 m.

(3) Taking into account the economic and security, IV2, IV3, and V surrounding
rock are used to penetrate the existing tunnel and the safety distance is 4 m. The
cohesion must be increased to 0.48mpa, 0.5 MPa, and 0.6 MPa, respectively.

Fig. 5 Cohesion and
settlement of existing tunnels
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Analysis of the Mechanical Response
of Asphalt Pavement with Different
Types of Base

Hui Wang and Xinyu Dong

Abstract Paper calculates the different mechanical distribution characteristics of
asphalt pavement with three different base structures: pure flexible base, inverted
base and semi-rigid base using shell pavement mechanics software BISAR, then
processes the calculations into three-dimensional visualization with MATLAB 7.0
to comparatively analyze the laws of mechanical response. Research shows that
pure flexible base pavement will not appear structurally damage from bottom to
top. For inverted base structure, the bottom of the graded crushed stone layer is still
the weak area of structural stress. Semi-rigid base asphalt pavement has high overall
stiffness, so it is necessary to deal with the high bending tension stress at the bottom
of the base layer to prevent the fatigue cracking of the base. From the view of the
whole strengthen, asphalt pavement with pure flexible base or inverted base has
larger mechanical advantages.

Keywords Road engineering � Asphalt pavement � Pure flexible base � Inverted
base � Semi-rigid base � Mechanical response

1 Introduction

Cracking of semi-rigid base asphalt pavement is the main disease of semi-rigid
asphalt pavement, and it is an important reason for the early disease of expressway
asphalt pavement, which further leads to structural damage of pavement and makes
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the maintenance more difficult. Therefore, the flexible base asphalt pavement and
inverted structure asphalt pavement have gradually become a necessary supplement
for the form of semi-rigid base asphalt pavement in China with their excellent
mechanical properties. It is gradually applied to the engineering practice, and it will
also be an important trend in the diversified development of high-grade expressway
pavement structure in the future of China [1–5]. Based on the project of the
Xinhuahou test road in Changsha, Hunan, the paper selects three typical asphalt
pavement structures including the pure flexible base, inverted base structure, and
semi-rigid base as the research object. Comprehensive mechanical calculations
were carried on with shell pavement mechanics software BISAR. In order to pro-
vide a more accurate and more reliable reference for the design of different base
asphalt pavement and scheme comparison, this study processes the calculations into
three-dimensional visualization with MATLAB 7.0 to comparatively analyze the
laws of mechanical response.

2 Asphalt Pavement Structures and Calculation Model

2.1 Three Pavement Structure Schemes and Material
Parameters

The three types of asphalt pavement structures analyzed in this study include pure
flexible base asphalt pavement (scheme 1), inverted base asphalt pavement
(scheme 2), and semi-rigid asphalt pavement (scheme 3). The three types of asphalt
pavement structure and material parameters are shown in Tables 1, 2, and 3.

Table 1 Structural and material parameters of pure flexible base asphalt pavement

Layers Thickness
(cm)

Compression
resilience modulus
(20 °C, MPa)

Compression
resilience modulus
(15 °C, MPa)

Poisson
ratio

AC-13 4 1400 2200 0.25

AC-20C 6 1200 1800 0.25

AC-25C 7 1000 1200 0.25

LSM-30 9 1000 1200 0.25

Graded crushed
stone base

20 300 300 0.25

Graded crushed
stone base

20 300 300 0.25

Non-screening
crushed rock
cushion

15 180 180 0.25

Subgrade 35 35 0.35
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2.2 Calculation Software and Calculation Schema

The paper carries the mechanical analysis of pavement structure with shell pave-
ment mechanics software BISAR and formulates a complete continuous contact
condition between layers. The following conditions were used: (1) the calculated
load is a double circle loading (BZZ-100 kN); (2) contact pressure is 0.7 MPa;
(3) the radius of wheel pressure is 10.65 cm; (4) the center distance of double
circles is 15.975 cm. Calculated load is shown as Fig. 1. MATLAB 7.0 software is
applied to carry out three-dimensional spatial processing of the calculation results
by BISAR software.

Table 2 Structural and material parameters of inverted base asphalt pavement

Layers Thickness
(cm)

Compression resilience
modulus (20 °C, MPa)

Compression
resilience
modulus
(15 °C, MPa)

Poisson
ratio

AC-13 4 1400 2200 0.25

AC-20C 6 1200 1800 0.25

LSM-30 12 1000 1200 0.25

Graded crushed
stone base

12 300 300 0.25

Cement
stabilized
gravel base

30 1300 3600 0.25

Non-screening
gravel cushion

15 150 150 0.25

Subgrade 35 35 0.35

Table 3 Structural and material parameters of semi-rigid base asphalt pavement

Layers Thickness
(cm)

Compression
resilience modulus
(20 °C, MPa)

Compression
resilience modulus
(15 °C, MPa)

Poisson
ratio

AC-13 4 1400 2200 0.25

AC-20C 6 1200 1800 0.25

AC-25C 7 1000 1200 0.25

Cement stabilized
gravel base

20 1300 3600 0.25

Cement stabilized
gravel subbase

20 1100 3000 0.25

Non-screening
gravel cushion

15 150 150 0.25

Subgrade 35 35 0.35
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3 Analysis of the Calculation of Mechanical Response

3.1 Maximum Tensile Strain of Surface Layers

The maximum tensile strain of each scheme is summarized in Tables 4 and Fig. 2.
The calculations in Table 4 and Fig. 2 show that the pure flexible base and

inverted base with graded crushed stone layer are showing a relatively large tensile
strain in the surface layer. The main reason is that graded crushed stone is a granular
material with poor deformation resistance, which cannot transfer stress and strain. It
will generate a large tensile strain of structure. However, the graded crushed stone
base does not significantly produce drying shrinkage and temperature shrinkage
cracking, unlike the semi-rigid base. Graded crushed stone base can ensure that the
pavement does not generate structural damage from bottom to top. It is also one of

Fig. 1 Loading type

Table 4 Calculations of maximum tensile strains in the surface layers of the three schemes

Pavement
types

Maximum tensile strain of surface layer

Value
(le)

Location

Scheme 1 146.7 The bottom of the asphalt layer at the distance of 0.3R from the
center of the interspace of double circle load

Scheme 2 129.4 The bottom of the asphalt layer at the distance of 0.6R from the
center of the interspace of double circle load

Scheme 3 52.6 The center of single circle load, the bottom of the middle-surface
layer
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the insurmountable advantages of the flexible base asphalt pavement that is superior
to the semi-rigid asphalt pavement. Although the tensile strain of the surface layer
of semi-rigid base asphalt pavement is lower than other schemes. On the view of the
whole structure, the maximum tensile strain of the semi-rigid pavement appears at
the bottom of the cushion course. That means the bottom part of the semi-rigid base
has a higher tensile strain. However, the high tensile strain section of the asphalt
pavement with flexible base or inverted base appears in their surface layer. So it is
obvious that the fatigue crack caused by strain will come from the surface rather
than the base layer. The three-dimensional distribution of the tensile strain in the
road transverse section and driving direction of each scheme are shown in Figs. 3,
4, 5, 6, 7, and 8.

As shown in Figs. 3, 4, and 5, the tensile strain distributions of each scheme are
generally similar, while the undulating degree of the surface is slightly different.
Specifically, from the top to the bottom, the layer structure is transferred from
compression to tension with the increase of depth. The tensile strain has a positive
correlation with depth and reaches the peak of strain at the bottom of the asphalt
layer (schemes 1 and 2), or at the bottom of the middle-surface layer (scheme 3).
Then, the strain drops sharply at the base course, and a distinct turning point
appears at the border of the surface layer and base course. This is principally
because the stress dissipated gradually with depth. It shows that the middle of the
surface layer is mainly the layer bearing high strain. Within the depth of the base
course, strain increases with increased depth, and the rise of strain has been slowed
down at the bottom of the base course. The structural strain of scheme three reaches
a peak at the bottom of the base layer.

Figures 6, 7, and 8 reflect the plane projection of the tensile strain of each
pavement structure in the direction of the road transverse section and longitudinal
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Fig. 2 Calculations of maximum tensile strain in the bottom of each surface layer
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section. The values in the diagram represent the tensile strain of the pavement
structure at different transverse section and depth. It is found that under the same
equal fraction, the strain level of scheme 1 and scheme 2 in the upper part of the
pavement structure is significantly higher than the other three structures. This sit-
uation is consistent with the actual level of the whole tensile strain of the schemes.

Fig. 3 3D distribution of tensile strain of scheme 1

Fig. 4 3D distribution of tensile strain of scheme 2
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Fig. 5 3D distribution of tensile strain of scheme 3

Fig. 6 Isoclines of a tensile strain of scheme 1
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Fig. 7 Isoclines of a tensile strain of scheme 2

Fig. 8 Isoclines of a tensile strain of scheme 3
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3.2 Maximum Tensile Stress of Pavement Structure

A summary of the maximum tensile stress of each pavement structure is presented
in Table 5.

Table 5 shows the maximum tensile stress of a pure flexible structure with
graded crushed stone base which occurs at the bottom of the surface layer, while all
others occur at the middle of the base course or at the bottom of the base course.
The calculations verified the great advantages of flexible base asphalt pavement.
The failure mode of flexible base asphalt pavement is from top to bottom. So the
structural pavement damage is difficult to occur. It can maintain better performance
in the life cycle. For scheme 2, with graded crushed stone as a transition layer, it
bears higher tensile stress at the bottom of the graded crushed stone layer. This
could be due to the huge differences in material properties and stiffness between
graded crushed stone layers and stabilized cemented gravel base. That also means
the interface is the weak layer of the pavement structure. The interfacial bonding
between layers should be emphasized in construction to better realize the goal of
blocking the reflection crack upward. Figure 9 shows that the maximum tensile
stress at the bottom of each structural layer of the three schemes is also consistent
with the rule that the upper part of pavement structure bears compression and the
lower part bears tension. It can basically reflect the stress level of different types of
base structures in different sections. Specifically, for schemes 1 and 2, the peak of
tensile stress is concentrated near the large grain size asphalt stabilized macadam
layer. However, for scheme 3, the peak of tensile stress appears at the base course.
Three-dimensional distribution of the tensile stress in road transverse section and
driving direction of each scheme are shown in Figs. 10, 11, and 12.

It is shown from Figs. 10, 11, and 12, the distribution curve of tensile stress
along the transverse section and depth of the road is relatively gentle compared to
the distribution of tensile strain. For each scheme, the change from compression to
tension is gradually realized from the surface layer to the base course, and the
compressive stress is only distributed in a certain depth under the road surface.
From the transverse section of the road, high stress is mainly distributed in the

Table 5 Calculations of maximum tensile stress of each pavement structure

Pavement
type

Maximum tensile strain of pavement structure

Value
(MPa)

Position

Scheme 1 0.1797 The bottom of the asphalt layer at the distance of 0.9R from the
center of the interspace of double circle load

Scheme 2 0.1810 The bottom of the upper-base at the center of the interspace of
double circle load

Scheme 3 0.1990 The bottom of the base course at the center of the interspace of
double circle load
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range of the wheel load radius that accords with practicality. When stress in the
structure is transferred to tensile stress, it demonstrates a trend that the value
increases along the depth of the road surface. Owing to the graded crushed rock
layer, the tensile stress of schemes 1 and 2 will be mutated at the border of the
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Fig. 9 Calculations of maximum tensile stress at the bottom of each layer of the three schemes

Fig. 10 3D distribution of tensile stress of scheme 1
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surface layer and base course or at the bottom of the upper-base. The tensile stress
of scheme 3 reaches a peak at the bottom of the base course, then the stress
decreases sharply and the surface in Fig. 12 is smooth.

Fig. 11 3D distribution of tensile stress of scheme 2

Fig. 12 3D distribution of tensile stress of scheme 3
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4 Maximum Shear Stress of Surface Layer

The summary of the maximum shear stress of each pavement structure is shown in
Table 6.

Table 6 illustrates that the maximum shear stress of a flexible base asphalt
pavement is higher than that of a semi-rigid base asphalt pavement, which deter-
mines that one of the main failure modes of flexible pavement is a shear failure due
to the insufficient shear strength of the surface. However, the shear stress level of
semi-rigid pavement is relatively low. The damage of such pavement is mainly due
to the fatigue damage caused by the high level of tensile stress at the base course,
and the damage is transmitted from bottom to top. Therefore, for flexible pavement,
the high shear strength must be considered in the design of upper-surface based on
the guarantee of the stress on the top of the surface.

As reflected in Table 6, shear stress of pure flexible base structure (scheme 1)
and inverted base structure (scheme 2) reaches a peak on pavement surface. The
peak shear stress of a semi-rigid base structure (scheme 3) is located 2 cm away
from the pavement surface. This indicates that the small depth range of the pave-
ment surface is the section of peak shear stress for both flexible and semi-rigid
pavements. From the direction of the transverse section of the road, 3–6 cm near the
center of the interspace of double circle load is the peak shear stress section.

Figures 13, 14, and 15 show the three-dimensional distribution of the shear
stress in road transverse section and driving direction. The distribution of shear
stress in each scheme is generally similar, and the center of the interspace of double
circle load near the road surface bears high shear stress. The farther away from the
center, the more the peak shear stress spread to the depth of the upper layer due to
the dissipation of stress. It can be seen that the small depth ranges from the
pavement to the surface layer is the peak section of shear stress of the flexible base
asphalt pavement. Correspondingly, this layer needs to be designed according to
the high shear requirements, so as to meet the mechanical requirements. Below the
peak section, the shear stress decreases with increased depth. For flexible base
pavement, the shear stress decreases sharply at the top of the graded crushed rock
layer, and the shear stress also decreases with the increase of depth in the range of
the base. Considering hydrological conditions in this area, a cushion is set up in all

Table 6 Calculations of maximum shear stress in the surface layers of the three pavement
structures

Pavement
type

Maximum shear stress of surface layer

Value
(MPa)

Position

Scheme 1 0.264 Pavement surface, at the distance of 0.3R from the center of the
interspace of double circle loadScheme 2 0.248

Scheme 3 0.236 At the distance of 0.6R from the center of the interspace of double
circle load, and 2 cm below the pavement surface
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three schemes. Calculation shows that shear stress drops to a lower level at the
boundary between base and cushion. Therefore, the main shear stress of the flexible
pavement is undertaken by the small range depth of the surface layer. Because of
the different characteristics of materials, the shear stress decreased abruptly at the
interface between the surface layer and the base course as well as the interface
between the base course and cushion.

Fig. 13 3D distribution of shear stress of scheme 1

Fig. 14 3D distribution of shear stress of scheme 2
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5 Engineering Application

5.1 Deflection Test

In order to further study the application effect of different base asphalt pavement,
the three pavement structures were paved on Xinhuahou road according to theo-
retical analysis in Changsha, 2009. The application effects of those sections of
pavement were observed. The Benkelman beam method was used to detect the
deflection of the road and the results are shown in Table 7. Scheme 1 is a pure
flexible base pavement, which has no superiority in bearing capacity. The pavement
surface deflection of scheme 2 is less than scheme 1, and it has stable strength and

Fig. 15 3D distribution of shear stress of scheme 3

Table 7 Summary of deflection test results (0.01 mm)

Indexes July, 2009 May, 2010

Scheme 1 Scheme 2 Scheme 3 Scheme 1 Scheme 2 Scheme 3

Average of
deflection �L

20.41 9.28 7.36 22.80 11.90 10.00

Standard deviation
of deflection S

3.91 2.35 3.15 4.30 2.87 3.30

Representative
value of deflection
Lr

26.79 12.76 11.42 29.90 16.60 15.50

Design deflection
Ld

41.70 33.90 26.10 41.70 33.90 26.10
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small variability. Scheme 3 is a semi-rigid base, which has a relatively large
advantage in bearing capacity.

5.2 Roughness Inspection

Roughness is an important index to characterize pavement serviceability. It is
directly related to driving comfort. In addition, smoothness can also reflect the
occurrence of early damage, such as rutting and pothole. Therefore, in order to
reflect the function of the pavement surface of the test road after opening to traffic,
the project group has tracked and monitored the roughness of the Xinhuahou test
road. The specific results are summarized in Table 8.

It can be seen from Table 8 that the roughness of the Xinhuahou test road can
meet the quality requirements of the new pavement. The test road structure still
maintains a high level of roughness on the road surface after opening, which can
better meet the needs of road traffic. After two years of operation, the surface of the
test road still maintains a high level of roughness, which can meet the needs of road
traffic.

5.3 Pavement Condition Investigation

In order to investigate the changes in the road conditions of the Xinhuahou test road
after two years of operation, the subject group conducted a road survey on the test

Table 8 Summary of roughness test data of the test road

Schemes Average value of roughness (mm)

July, 2009 May, 2010 May, 2011 November, 2011

Scheme 1 0.91 0.98 1.02 1.09

Scheme 2 0.85 0.92 0.98 1.01

Scheme 3 0.84 0.90 0.97 1.03

Table 9 Summary of condition investigation results of the test road

Survey time Schemes Diseases

May, 2011 Scheme 1 1 pothole (19.6 cm2)

Scheme 2 1 pothole caused by mechanical scraping;

1 pothole (16.6 cm2)

November, 2011 Scheme 3 1 longitudinal crack (about 1 m);
1 longitudinal crack (about 2 m);
1 transverse crack (about 2 m);
2 transverse cracks (about 3 m)
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road in May 2011 and November 2011. It was found that the overall condition of
the test road is good, and there are few early diseases appeared in some sections.
The specific results are shown in Table 9.

6 Conclusion

Tensile strain, shear stress, and tensile stress at the surface of a pure flexible
structure are relatively high, and the tensile response reaches a peak at the border of
the surface layer and base course. That means the interface between the surface and
graded crushed rock layer will bear higher tensile stress, and it requires the
excellent fatigue strength of the asphalt crushed stone layer. Due to the use of
graded crushed stone with small stiffness as the base course, the structural damage
of pure flexible structure will not have occurred from bottom to top. The repair and
maintenance of flexible base structure are more convenient, and it is a structural
form based on the new ideas of foreign countries [6–8].

LSM+ double graded crushed stone transition layer was adopted in an inverted
base structure. The structure reaches the peak value of tensile strain at the bottom of
the surface layer, and the peak tensile stress appears on the bottom of the
upper-base. Meanwhile, the peak shear stress appears on the road surface. It can be
seen that the bottom of a graded crushed rock layer is still a weak section of
structural stress.

The semi-rigid structure has high integral stiffness. Accordingly, the strain level
of the surface layer is relatively low, but the high tensile stress at the bottom of the
base course should be paid more attention to prevent the fatigue crack from
occurring.
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The Behavior of Cement-Treated
Crushed Rock Material Under
the Cyclic-Loading Test with Multiple
Amplitude of Applied Strain

Peerapong Jitsangiam, Korakod Nusit, Suphat Chummuneerat
and Hamid Nikraz

Abstract This paper presents the characteristics of cement-treated crushed rock
material which was subjected to the multi-strain amplitudes of cyclic loads. The
cyclic behaviors of cement-treated crushed rock specimens were examined by the
four-point bending test adopted from the standard test for asphalt concrete. The test
specimens were prepared by adding 3 and 5% cement by weight to the typical
crushed rock base. The four-point bending tests were then carried out under
strain-controlled mode with the strain amplitudes of 50, 100, 150, and 200 le. Two
different forms of strain-controlled tests were conducted in this research, which are
constant-strain and multi-strain amplitude tests. For the constant-strain amplitude
test, all specimens were loaded for one million cycles. The results revealed that the
specimens tested with the strain amplitude of lower than 200 le were secured from
fatigue failure. The multi-strain amplitude test was then employed to examine the
degradation characteristics of the specimen stiffness. In this research, the
multi-strain amplitude tests were conducted by employing various strain amplitudes
on the individual specimen. Therefore, the test protocol with the minimum testing
time and the optimum number of test specimens can be developed. More impor-
tantly, the results from multi-strain amplitude test also explored the modern
knowledge on the behaviors of cement-treated crushed rock material after it is failed
by the fatigue damages.

Keywords Cement-treated crushed rock base � Cyclic responses � Multiple
amplitude of applied strain � Behavior after fatigue failure
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1 Introduction and Background

The cement-treated crushed rock base, or a cement-treated base (CTB), is a mixture
of road base aggregate, Portland cement, and water. The material is designed and
suitable for the road pavement structure with high traffic volume and high traffic
load. The CTB with high cement content can be classified as fully bound, or
stabilized, material which spontaneously exhibits fatigue damage under traffic
loads. The fatigue failure would be newly defined as one of design criteria for CTB
road pavements, of which the maximum tensile strain at the bottom of CTB layer is
generally considered as the design criteria for mechanistic–empirical (M–E)
pavement design.

Currently, the fatigue characteristic of asphalt concrete is evaluated by the
four-point bending (4 PB) test using prismatic beam specimen. The material stiff-
ness (modulus) and fatigue life of test specimen are important and traditionally
employed as the design parameters; these parameters are generally determined by
the cyclic 4 PB tests [1, 2]. To conduct the cyclic 4 PB test, the prismatic beam is
clamped at both ends while simultaneous cyclic load is applied at the mid-part by
the two inner clamps; consequently, the maximum tensile strain is repeatedly
induced at the bottom part of the test beam during the test. The fatigue test can be
performed by two different modes, so-called strain-controlled and stress-controlled
tests [3]. The amplitude of applied strain is controlled by two inner clamps during
the strain-controlled test, while the loading amplitude is maintained during the
stress-controlled test. The reduction in flexural stiffness value of the test beam is
continuously monitored during the cyclic 4 PB test. The fatigue life of the test beam
is defined as the number of loading cycles that the flexural stiffness is reduced to
half of its initial value [4, 5]. The relationship between applied stress/strain
amplitudes and the fatigue life of asphalt concrete material can be obtained from
series of cyclic 4 PB tests, conducted at different magnitudes of applied strains or
stresses. This relationship is important for the M–E design of road pavement
structure which will be constructed with the test materials.

The cyclic loading with constant frequency, constant amplitude of applied strain,
and unchanged pattern is normally employed by the standard 4 PB test to simulate
the traffic loads [3, 5]. In this research, such standard 4 PB test adapted from testing
guideline for asphalt concrete was named as ‘constant-strain amplitude test.’
However, the characteristics of dynamic load induced by traffics are typically
complicated in real field situations. Therefore, the multi-strain amplitude test was
developed in this research. Although the in situ loading regime could not be fully
simulated by the multi-strain amplitude test, the tests provided the very useful
information on the dynamic responses of CTB. Therefore, this research aims to
examine the cyclic responses of CTB using modified 4 PB tests adapted from the
standard 4 PB test protocol for asphalt concrete [5]. This conventional test method
of asphalt concrete requires a number of test specimens to cover a wide range of
strain over the testing time of approximately 28 h, to complete one million
cyclic-loading cycles for each test specimen. Thus, the modified 4 PB test for CTB
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developed in this study would be an initiative to evaluate the fatigue resistance of
CTB based on the available testing apparatus (4 PB test), along with a significant
reduction in the number of test specimens and the amount of time involved in such
testing.

2 Specimen Preparation and Tests Performed

2.1 Specimen Preparation

The CTB specimens in this research were prepared by blending the standard cru-
shed rock base (CRB) with general-purpose Portland cement [6], at the optimum
moisture content (OMC). In the first stage of specimen preparation, the optimum
amounts of CRB, cement, and water were determined from the standard mix design
process [7, 8]. The OMC of CTB mixtures was initially determined from the
modified compaction test [9]. The CRB used in this research was collected from the
local quarry in Perth, Western Australia. The selected CRB has its engineering
properties conformed to Main Roads Western Australia specification [10]. Figure 1
presents the moisture–density relationship of CTB mixtures used in this study.

After the mix design process had been completed, the specimen slabs were then
manufactured. The CTB slabs with the size of 400 mm in length, 300 mm wide,
and 75 mm thick were made by compacting the mixtures to achieve at least 95% of
maximum dry density (MDD). The specimen slabs were compacted using the roller
compactor as illustrated in Fig. 2. Each CTB slab was cured for at least 7 days to
gain sufficient strength before cutting process. Then, four prismatic beams—
400 mm in length, 63.5 mm wide, and 50 mm thick—were cut from each com-
pacted slab as shown in Fig. 3. All specimens were then stored in the
temperature-controlled chamber (25 °C) for 28 days (after the mixing process was
completed) before testing.

Fig. 1 Modified compaction
test result indicates the values
of MDD = 2.32 t/m2 and
OMC = 5.8%
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2.2 Four-Point Bending (4 PB) Test

The 4 PB test according to the Austroads guideline, AG:PT/T233 [5], was adapted
in this research to characterize the behaviors of CTB specimens. According to the
test guideline, the haversine loading waveform with the frequency of 10 Hz was
continuously applied to the specimen, until the flexural stiffness of the specimen is
reduced by half of the initial value or one million loading cycles are reached. These
termination criteria were assigned by the design guidelines based on the charac-
teristics of asphalt concrete and cement-treated materials under cyclic-loading test
[5, 7]. According to AG:PT/T233 [5], initial flexural stiffness is defined as the
flexural stiffness value at the 50th loading cycle of a full series of applied
cyclic-loading cycles. The 4 PB tests in this research were conducted under

Fig. 2 Roller compactor used for manufacturing the CTB slabs

Fig. 3 Four prismatic beam specimens prepared from each compacted slab
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strain-controlled mode at a controlled temperature of 25 °C. Figure 4 shows the
configurations of the 4 PB test apparatus employed in this research. The specimen
is restrained by four clamps, with two outside clamps working as the beam supports
and two loading points applying via the two inner clamps. The deflection of the
specimen is measured at the mid-span and top of the specimen. In this research, two
different forms of testing were performed to gain a better understanding of the
characteristics of CTB, which consists of the constant-strain and the multi-strain
amplitude tests.

Ten specimens were prepared for evaluating the fatigue characteristics and
cyclic-loading responses of CTB in this research. There were five specimens for
each mixture (3 and 5% cement). Four specimens of each mixture underwent
constant-strain amplitude test, while the other specimens were tested with the
multi-strain amplitude.

Constant-Strain Amplitude Test. This is a conventional cyclic 4 PB test for
obtaining the fatigue life of materials. The constant-strain amplitudes of 50, 100,
150, and 200 micro-strains (le) were applied to the beam specimens during the
tests. Each beam specimen was repeatedly loaded by constant-strain amplitude,
until the specimen was failed by fatigue or the one million loading cycles were
completed (about 28 h).

Multi-strain Amplitude Test. The conventional 4 PB test outlined in the pre-
vious section is generally time-consuming and requires a large number of speci-
mens to capture the fatigue characteristics of material. Therefore, multi-strain
amplitude test was designed and conducted to examine the stiffness degradations of
specimen tested by multi-levels of strain amplitude. The test was also employed as a
precursor to a new testing protocol development, which aims to reduce the testing
time and the number of test specimens. Accordingly, each beam was assigned to be
loaded by the multiple values of strain amplitude. The strain amplitude of 50 le was
firstly applied to the specimen for 3000 cycles. Then, the applied strain amplitudes
were increased at 50-le interval for every 3000 cycles until the strain amplitude

Fig. 4 The 4 PB test apparatus employed in this research
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attained 200 le. After that, the applied strain amplitudes were reduced at 50-le
interval for every 3000 cycles until the minimum values of 50 le were reached.
Figure 5 illustrates that three repeated patterns of up-and-down strain amplitudes
were applied to each beam specimens. Thus, the total number of 57,000 cycles was
completed for a single beam test.

3 Results and Discussion

3.1 Constant-Strain Amplitude Test

Table 1 summarizes the flexural stiffness and number of test cycles of 3 and 5%
cement specimens obtained for the 4 PB test. It can be seen that not all of the
specimens experienced fatigue failure after completing one million cycles of
loading. The values of initial flexural stiffness of 5% cement specimens were
considerably higher than those of the 3% cement specimens.

In this research, the 4 PB tests were conducted using the strain-controlled mode;
therefore, the test machine adjusted the applied cyclic-loading magnitude to
maintain the constant value of beam deflection. Figure 6 illustrates an example of
the range of load intensity, varying from 0.8 to 01.7 kN applied to a 5% cement
specimen to retain the constant deflection equivalent to 200 le.

It can be seen from Table 1 that all 3% cement specimens completed one million
loading cycles without failing by fatigue damages (stiffness reduces by less than
half of the initial value). The initial stiffness decreased dramatically as the loading
cycle increased in steps. The flexural stiffness of the prismatic beam specimen
usually drops dramatically by the cyclic loads during the crack initiation phase.
Then, the rate of stiffness reduction is found to be constant during the stable crack
growth phase until the specimen is failed by the cyclic loads or the one million
loading cycles are reached [11]. Similarly, the 4 PB tests of every 5% cement
specimens were terminated at one million cycles. However, for the 5% cement
specimens, only the specimen subjected to 200 le of strain amplitude was failed by

Fig. 5 The configuration of applied strain employed for multi-strain amplitude test
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the fatigue damages. This is because the flexural stiffness of test specimens reduced
by 48% of its initial value, or almost half of its initial flexural stiffness [5].
However, the stiffness of other specimens reduced approximately by 0–18% of their
initial values (Table 1).

The fluctuation in flexural stiffness measured by cyclic 4 PB test is inevitable
[3]. The results from Table 1 indicate that the final values of flexural stiffness
measured at low strain amplitudes were generally greater than their initial values.
During the cyclic 4 PB test, the testing machine automatically adjusted the mag-
nitude of applied load to achieve the desired level of applied strain amplitude;
therefore, low level of applied strain amplitude leads to small applied loads clamped
on the specimen. Small clamped load and unevenness of specimen surface may be
the source of stiffness fluctuation in this research. However, the increase in stiffness
values for the case of small applied strain amplitude should be carefully investi
gated in the future research.

In this research, the fatigue failure could only be observed from the 5% cement
specimen subjected to 200 µɛ of applied strain amplitude. Therefore, the fatigue life
of this specimen was evaluated in this research. The relationship between the
stiffness ratio (SR) and the loading cycles (N) for the 5% cement specimen is
illustrated in Fig. 7. The stiffness ratio (SR) is calculated by dividing the stiffness of

Table 1 Summary of constant-strain amplitude test results

Cement
content
(%)

Applied strain
amplitude (le)

Flexural stiffness (MPa) No. of cycles to
crack initiation
phase

Initial End of crack
initiation
phase

End of
test

3 50 12,579 N/A 13,500 N/A

100 9617 8131 8050 31,780

150 5687 4281 4442 73,940

200 1985 1866 1760 57,250

5 50 20,500 N/A 21,966 N/A

100 20,407 20,203 20,733 71,340

150 14,721 12,463 12,155 130,810

200 22,510 13,311 11,797 175,790

Fig. 6 Maximum cyclic load
applied to the 5% cement
specimen to maintain the
strain amplitude equivalent to
200 le
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test specimen at any loading cycle by its initial value. The plot was created based on
the recommendation by ASTM D7460 [1]. The testing standard suggests to develop
a linear relationship between ln(ln(−SR)) and ln(N) for the projection of the failure
point, which resulted in a fatigue life of 827,775 cycles (Fig. 7). It was found that
the relationship between ln(ln(−SR)) and ln(ln(N)) provided an extrapolated fatigue
failure point at around 1.42 million cycles.

3.2 Multi-strain Amplitude Test

The results from the multi-strain amplitude test are illustrated in Figs. 8. The rapid
decreases in stiffness were evidenced at different stages of the tests. For the 3%
cement specimen, the stiffness reduced sharply to about 50% of its initial value
when the specimen was loaded by 100-le strain amplitude (cycle number 3000–
6000) as illustrated in Fig. 8a. Similarly, the stiffness of the 5% cement specimen
reduced to almost 40% of its initial value when the specimen was subjected to 150-
le strain amplitude as shown in Fig. 8b.

As mention earlier, the CTB layer in the field is generally subjected to the
dynamic loading induced by traffics. The dynamic loading pattern, frequency, and
amplitude are typically random by nature. However, the frequency, loading mode,
and applied stress or strain amplitudes employed by the standard test are normally
constant [1]. Consequently, the results from multi-strain amplitude test provide
more understanding on the responses of CTB when it is subjected to random strain
amplitudes. It is assumed that specimen cracks were induced by the cyclic loads at
the early stage of multi-strain loading test (Fig. 8); therefore, the specimens attained
the stable crack growth phase for the rest of testing. In general, the stiffness of the
specimen decreases as the applied strain increases and vice versa. The test results
shown in Fig. 8 reveal that cracks generated by the cyclic loads are unrecoverable;
this is because the stiffness of test specimen never bounced back to its previous
values, although the applied strain amplitudes were iterated. It also means that the
recoverable flexural stiffness is mainly responded by the remaining concrete bond
existed in the CTB specimens.

Fig. 7 Relationship between
the stiffness ratio (SR) and
loading cycles (N) of 5%
cement specimen subjected to
200-le strain amplitude
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Another interested finding from the multi-strain amplitude test is the material
responses after its fatigue failure. The half reduction in material stiffness from its
initial value is assigned as the fatigue failure criteria by the testing guideline [5].
Therefore, the fatigue failure of 3%-cement and 5%-cement specimens occurred
approximately at the loading cycles number 3000 and 6000, respectively. Although
the specimens were failed by the fatigue damages, they still responded to the cyclic
loads accordingly with the applied strain amplitude. Figure 8 shows that the flex-
ural stiffness of specimens increased as the applied strain amplitude decreased and
vice versa, even though the specimens were already failed by fatigue damages. This
finding supports the hypothesis that CTB is still able to use as the base course layer
of pavement structure, although it is already failed by fatigue damages [12, 13].
After the fatigue failures, the material stiffness still heavily depended on the applied
strain level; therefore, it can be said that fatigue damage CTB behaves as nonlinear
elastic and load-history-dependent material. In general, the stiffness of nonlinear
elastic material is severely influenced by the stress or strain levels. However, the
stiffness of concrete-like materials also relies on the historical stresses applied on
them [14]. This information is very useful for mechanistic–empirical (M–E)
pavement design guideline development since the responses of CTB layer after
fatigue failure have never been substantially researched. The correlations between
loading cycles and the stiffness for each strain level for the 3% and 5% cement
specimens are presented in Fig. 9a, b, respectively. The coefficient of determination
(R2) obtained from the regression curves shown in Fig. 9 was greater than 0.70.

Fig. 8 Multi-strain amplitude test results for a 3% cement specimen and b 5% cement specimen
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4 Conclusions

Two types of cyclic 4 PB test were performed in this research to characterize the
behaviors of CTB. The first test was conducted based on the constant-strain
amplitude test, which were adapted from the Austroads testing guideline [5].
However, the dynamic loading characteristics in the field are totally different from
the loading pattern employed in the laboratory test; therefore, the multi-strain
amplitude test was developed in this research. The dynamic loads induced by
traffics in the field are usually random and complicate. However, the multi-strain
amplitude test developed in this research explores more knowledge on the
responses of CTB. For the multi-strain amplitude test, the test specimens were
subjected to the stepwise increased and decreased level of applied strain amplitude.
The important findings from this research are composed of the following:

• The 5% cement specimen was considerably failed by the fatigue damages,
within a million cycles of cyclic loading, when the applied strain amplitude was
200 le. However, the specimens loaded by strain amplitude lower than 200 le
were secured from fatigue damages, within the one million cycles of cyclic
loading. The fatigue behaviors of CTB subjected to higher amplitude of applied
strain require further investigation.

Fig. 9 Flexural stiffness
degradation under multi-strain
amplitude test of a 3% cement
specimen and b 5% cement
specimen
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• The 3% cement specimens behaved differently; the reductions in stiffness of all
specimens tested under constant-strain amplitude never reached 50% of their
initial values. However, the initial flexural stiffness values of 3% cement
specimens are severely fluctuated; this might be the reason of unpredictable
responses. Therefore, further investigation is also required for the 3% cement
specimens. More importantly, the careful specimen preparation steps are
in-needed for the specimens with low cement content.

• The multi-strain amplitude test has effectively expressed the stiffness degrada-
tion behaviors of CTB specimen, through a stepwise increase and decrease in
applied strain amplitude tests. The test has the potential for development, and a
new approach may be found to reduce the lengthy time taken and the number of
specimens used for the tests. Figure 9 illustrates the relationship between flex-
ural stiffness of CTB, applied strain amplitude, and the number of loading cycle.
On the other hand, the figure indicates that the flexural stiffness of CTB is
strongly influenced by amplitude and cycle number of the repeated traffic load in
the field.

• The critical findings from multi-strain amplitude test are composed of the fol-
lowing: (1) Cracks in CTB generated by cyclic loading are unrecoverable,
(2) the CTB specimen behaves as nonlinear elastic and load-history-dependent
materials, after it is failed by the fatigue damages, and (3) the failed CTB could
continuingly be employed as the pavement base course layer.

Acknowledgements The authors wish to express their gratitude to Prof. Hamid Nikraz for his
valuable supports on the laboratory works at the Department of Civil Engineering, Curtin
University. This research could not be completed without the ideas shared among the staffs and
supports from the Center of Excellence in Natural Disaster Management (Faculty of Engineering,
Chiang Mai University), the Department of Highway, and the Center of Excellence on Energy
Technology and Environment (Faculty of Engineering, Naresuan University). Finally, the co-fund
research project between Curtin University and Chiang Mai University is grateful for partially
funding this study.

References

1. ASTM (2010) Standard test method for determining fatigue failure of compacted asphalt
concrete subjected to repeated flexural bending. ASTM D7460, ASTM International, West
Conshohocken, PA

2. AASHTO (2007) Standard method of test for determining the fatigue life of compacted Hot
Mix Asphalt (HMA) subjected to repeated flexural bending. AASHTO T321. American
Association of State and Highway Transportation Officials, Washington, DC

3. Jitsangiam P, Nusit K, Chummuneerat S, Chindaprasirt P, Pichayapan P (2016) Fatigue
assessment of cement-treated base for roads: an examination of beam-fatigue tests. J Mater
Civ Eng 28(10):04016095

4. Austroads (2007) Guide to pavement technology part 4: pavement materials. AGPT04-07.
Austroads, Sydney, NSW

5. Austroads (2006) Fatigue life of compacted bituminous mixes subjected to repeated flexural
bending. AG:PT/T233. Austroads, Sydney, NSW

The Behavior of Cement-Treated Crushed Rock Material Under … 877



6. Standard Australia (2010) General purpose and blended cements. AS 3972. Standards
Australia, Sydney, NSW

7. NCHRP (2004) Guide for mechanistic-empirical design of new and rehabilitated pavement
structures. National Cooperative Highway Research Program, Washington, DC

8. PCA (1992) Soil-cement laboratory handbook. Portland Cement Association, Chicago
9. MRWA (2007) Test method WA 133.1, dry density/moisture content relationship: modified

compaction fine and medium grained soils. Main Roads Western Australia, Perth, WA
10. MRWA (2012) Specification 501-pavements. Main Roads Western Australia, Perth, WA
11. Nusit K (2016) Development of an advance fatigue model of a cement-treated base material

based on continuum damage mechanics. Ph.D. thesis. Curtin University, Perth, WA
12. Austroads (2006) Guide to pavement technology part 4D: stabilised materials. AGPT04D-06.

Austroads, Sydney, NSW
13. De Vos ER (2007) Performance characterization of cement treated sand base material of

Mozambique. M.Sc. thesis. University of Stellenbosch, Stellenbosch
14. Sinha BP, Gerstle KH, Tulin LG (1964) Stress-strain relations for concrete under cyclic

loading. ACI Struct J 61(2):195–211

878 P. Jitsangiam et al.



Shakedown Analysis of Flexible
Pavement on Saturated Subgrade Under
Moving Traffic Loading

Zhi Lv, Jiangu Qian and Renyi Zhou

Abstract In this paper, the shakedown behavior of flexible pavement on saturated
subsoil subjected to moving vehicle loading is studied. Based on Biot’s dynamic
theory of saturated porous media, dynamic stresses of layered saturated subgrade
are derived by the transfer matrix method. Then, the lower limit shakedown theory
is introduced to estimate the shakedown state of the pavement system. The study
focuses on the effects of vehicle’s velocity, saturated soil’s permeability, pavement
and subsoil’s strength and modulus ratios on the shakedown behavior. Theoretical
results show that for the pavement system on the saturated subgrade, the growth of
stiffness ratio or strength ratio leads to the transition of the critical shakedown state
from the upper to the lower layers. It is also found that there exists a set of optimal
modulus and strength ratios so that the upper and lower layers can reach the critical
shakedown state simultaneously.

Keywords Traffic loading � Lower-bound shakedown � Saturated subgrade �
Biot’s dynamic theory � Transfer matrix method

1 Introduction

Excessive post-construction settlement of flexible pavement was commonly
observed in the saturated ground [1–4]. It will lead to varieties of pavement dis-
tresses, such as rutting and cracking, especially for the flexible pavement [5, 6].
However, the rutting induced by the permanent settlement is hardly predictable
during the pavement service life on the saturated subsoil [7]. In addition, the
traditional pavement design method based on the empirical method is unreasonable
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to the safety evaluation of pavement structure. Compared with the traditional
approach, the shakedown theory is more practical in pavement design, where the
deformation is not considered.

The shakedown problem was put forward by Bleich in 1930s [8]. Its concept was
raised by Prager [9] to describe the adaptability of an ideal elastoplastic body after
plastic deformation under reciprocating loading. Since Sharp and Booker [10]
applied the shakedown theory to the analysis of pavement structure in 1984, the
research about traffic geotechnical engineering with this method and related labo-
ratory tests have been reported. However, most of them have been established in the
framework of static shakedown theory [11–17]. In recent years, the static theory
has been extended to the dynamic shakedown theory by considering the dynamic
stress effect of the moving loading, and a more reasonable theoretical approach for
the optimization analysis of the pavement system under high-speed moving loading
has been provided [18].

However, previous studies on shakedown analysis of pavement idealized the
subgrade soil as a single-phase medium, the dynamic response of which is much
different from that of saturated soft clay. The analysis of dynamic stress response
for saturated soil is very different from the elastic or viscoelastic theory [19], which
is crucial to the shakedown analysis. For the saturated soil, the proper account of the
coupling between the fluid diffusion and skeleton deformation is required, which
can be well modeled with Biot’s dynamic theory for poroelastic medium [20, 21].

In this paper, a semi-analytical method is introduced to solve the dynamic
stresses of layered saturated half-space using dynamic Biot’s theory. Subsequently,
Milan’s shakedown analysis on flexible pavement is carried out based on solved
dynamic stresses. Eventually, as an example illustration, the shakedown of the
two-layered pavement system is investigated by considering the effects of vehicle
velocity, the permeability of saturated subgrade and two layers’ strength and
modulus ratios.

2 Shakedown Theory

The lower-bound shakedown theory proposed by Melan in 1938 [22] and the
upper-bound shakedown theory proposed by Koiter in 1960 [23] made up the basis
of the shakedown theory. Because the lower-bound solution is usually smaller than
the real solution which makes the pavement design conservative, this paper will be
studied with the Melan’s theory.

TheMelan’s lower-bound theory states that if a time-independent self-equilibrium
residual stress field can be found, the yield condition will not be violated anywhere in
the structure when it is added to the elastic stress field produced by external loading
within the given range. This can be expressed as follows:
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f reij þ qij
� �

\0 ð1Þ

where reij is the elastic stress field, qij is the residual stress field in the unloading
state, and f is the yield criterion for the material.

The key problem is how to construct a reasonable residual stress field. Figure 1
is a schematic diagram of the three-dimensional problem, with vertical loading
Q moving along the x. Compared with the two-dimensional problem, any element
of material will have all six residual stress components in the true three-dimensional
circumstance, which makes that much more complex. In order to simplify the
three-dimensional problem, referring to the static analysis method of Yu [14], more
attention should be paid to the xoz plane of y = 0 for moving loading. Due to the
self-equilibrium condition and boundary condition, the residual stresses qzz and qxz
do not exist. What is more, qyy belongs to the middle principal residual stress, and
geotechnical materials usually use the Mohr–Coulomb yield criterion, in which the
effects of the middle principal residual stress can be approximately ignored. Thus,
the horizontal residual stress qxx, dependent on y and z, is the only nonzero residual
stress which can affect the shakedown.

According to Yu and Wang [24], assuming that the loading is kq1, where q1 is
the unit wheel loading, the elastic stress caused by all loadings is proportional to the
loading multiplier k, so the total stress can be expressed as follows:

rx ¼ krexx þ qxx ð2aÞ

rxz¼krexz ð2bÞ

rz ¼ krezz ð2cÞ

By using the Mohr–Coulomb yield criterion and investigating the most dan-
gerous plane y = 0 in three-dimensional space, the condition Eq. (1) for the
shakedown of subgrade system [25] can be expressed as follows:

Fig. 1 Three-dimensional
moving loading
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f ¼ qxx þMð Þ2 þN� 0 ð3Þ

with

M ¼ krexx � krezz þ 2 tanuðc� krezz tanuÞ ð4aÞ

N ¼ 4ð1þ tan2 uÞ krexz
� �2�ðc� krezz tanuÞ2
h i

ð4bÞ

where c and u are the material’s cohesion and the internal friction angle,
respectively.

Obviously, in order to satisfy Eq. (3), it requires that

N� 0 ) k� c

rexz
�� ��� rezz

�� �� tanu ¼ k2 ð5Þ

where k2 is an initial shakedown multiplier.
Considering qxx does not change with time and space at any specific depth z = j,

the variation range of residual stress can be obtained according to Eq. (3):

max
z¼j

�Mi �
ffiffiffiffiffiffiffiffiffi�Ni

p� �� qxx � min
z¼j

�Mi þ
ffiffiffiffiffiffiffiffiffi�Ni

p� � ð6Þ

where i means any point at that depth z = j.
When there is a point that reaches the critical state in the layer, the left of Eq. (6)

must be equal to the right, and the shakedown problem can be solved by finding the
maximum of loading multiplier ksd to get the criticality. Then, the procedure of
shakedown estimation is shown in Fig. 2, and it can be programmed in MATLAB.
Apparently, the shakedown limit can be solved once the elastic stress field and
material properties are known.

What is more, if the layered structure is safe, it is necessary to ensure the safety of
each layer, so that the shakedown limit takes the minimum value among all the layers:

ksd ¼ min ksd1; ksd2; . . .ksdj; . . .ksdn
� � ð7Þ

3 Dynamic Stress Response of Layered Saturated
Half-Space

In this study, an analytic method is adopted to obtain the elastic stress field. Soil, the
material of subgrade, is regarded as a saturated poroelastic media. Based on the
Biot’s dynamic theory, the dynamic stress response of homogeneous foundation
can be solved, and it is able to be extended to a layered system with the transfer
matrix method.
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3.1 Governing Equations of Saturated Poroelastic
Half-Pace

The analytical model under moving loading is shown in Fig. 3, in which the
subgrade soil is modeled as a layered poroelastic half-space.

According to Biot’s theory, the stress–strain relationship of the poroelastic
medium can be expressed as follows:

at any depth?lower upper
xx xxρ ρ<

61 10lower upper
xx xxρ ρ −− < ×

3Shakedown limit sdλ λ=

1 20,
tane e

xz zz

cλ λ
σ σ ϕ

= =
−

( )3 1 2= 2λ λ λ+
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xx i iz j
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ρ

ρ
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Fig. 2 Flowchart for
determining the shakedown
limit

Fig. 3 Analytical model
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rij ¼ kedij þ 2leij � dijapf ð8aÞ

pf ¼ �aMeþMh ð8bÞ

where eij is the strain component; dij is the Kronecker delta function. e(e = ui,i) and
#(# = −wi,i) are the dilatation of solid and of the fluid relative to soil skeleton,
respectively; ui and wi (i = 1, 2, 3) are the displacement vectors of the soil skeleton
and of the pore fluid with respect to the soil skeleton, respectively. rij means the
total stress components of the soil; pf is the excess pore pressure; k and l are Lame
constants; a and M are the compressibility parameters of the two-phase medium.

Governing equations of motion for bulk porous medium and the pore fluid are
shown as Eq. (9):

lui;jj þ kþ a2Mþ l
� �

uj;ji þ aMwj;ji ¼ q€ui þ qf €wi ð9aÞ

aMuj;ji þMwj;ji ¼ qf€ui þm€wi þ bp _wi ð9bÞ

where q and qf are mass densities of the bulk material and the pore fluid,
q ¼ n qf þ 1� nð Þqs, qs is the density of solid skeleton and n is the porosity of the
porous medium, respectively; bp is the interaction force between soil skeleton and
fluid, bp = η/k; η is the fluid viscosity and k is the dynamic permeability coefficient
of pore medium.

The double Fourier transformation, including time (t ! x) and horizontal
coordinate (x ! nx, y ! ηy), is required to solve the governing equations. Then,
the fundamental solutions of displacements ui and wi, stresses and pore fluid
pressure pf can be derived [26].

3.2 Solutions for the Layered Half-Space

This paper uses the transfer matrix method to deal with layered poroelastic
half-space. The three-dimensional model is illustrated in Fig. 3. Assuming that the
ground has N layers and the bottom layer is a semi-infinite space, rectangular
moving loading moves along the x-direction with velocity v.

In the frequency–wave number domain, the displacements and stresses at z = zj
can be denoted in terms of a vector as follows:

wðzjÞ ¼ i~̂�ux; ~̂�uy; ~̂�uz; ~̂�wz; i
bes xz; bes yz; ~̂�rz; ~̂�pf

h iT
ð10Þ
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And write it into matrix form

wðzjÞ ¼ Tj �WjðzjÞ , WjðzjÞ ¼ T�1
j � wðzjÞ ð11Þ

where T is a 8 � 8 matrix noting the soil properties; Wj(zj) can be shown as

WjðzjÞ ¼ ½Aecf �zj ;Be�cf �zj ;Cecs�zj ;De�cs�zj ;Eect �zj ;Fe�ct �zj ;Gect �zj ;He�ct �zj � ð12Þ

And A, B, C, D, E, F, G, H are unknown numbers dependent on boundary
conditions, and if they are solved, the dynamic response will be known.

With some manipulations on Eq. (10), the matrix of displacements and stresses
can be expressed as follows:

wðzjÞ ¼ Tj � Ej � T�1
j � wðzj�1Þ ¼ Gj � wðzj�1Þ ð13Þ

where Tj and Ej are 8 � 8 matrices which can be found in Qian [19].
Thus, it is easy to obtain the displacement and stress matrix of nth layer by

Eq. (12):

wðznÞ ¼ Gn � Gn�1 � � �G1wðz0Þ ð14Þ

Then, the boundary conditions on the free surface will be discussed because it is
the key to the problem. Apparently, A = C=E = G=0 as a result of the displacement
and stress regularity for the semi-infinite half-space soil considered. In addition, at
the surface of the ground, it is obvious that rxz and ryz are zero and rz should be
identical to the amplitude of moving loading which is modeled as distributed
rectangular loading of length 2a and width 2b. Assuming that the surface of the
foundation is completely permeable, pf is zero. Above all, the boundary conditions
are as follows:

rxz x; y; 0ð Þ ¼ rxz y; z; 0ð Þ ¼ pf x; y; 0ð Þ ¼ 0 ð15aÞ

rzz x; y; 0ð Þ ¼ �q1eix0t½Hðx� vtþ aÞ � Hðx� vt � aÞ� � ½Hðyþ bÞ � Hðy� bÞ�
ð15bÞ

where q1 and v are the constant magnitude and speed of the moving loading,
respectively; x0 is the frequency of the harmonic moving loading; H (…) is the
Heaviside function.

Based on the boundary conditions, w(z0) is determined, and the desired posi-
tion’s stress and displacement w(zn) will be known naturally. At last, with the
application of inverse Fourier transforms and numerical integration approach raised
by Zhou [27], the dynamic stress response of the system can be solved, which
means the elastic stress field can be obtained.
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4 Verification of Numerical Approach

Usually, the shakedown limit is expressed by a dimensionless factor ksd q1/c, where
c is the cohesion of the subgrade. Aiming to verify the validity of the numerical
approach in this paper, the shakedown of three-dimensional homogeneous sub-
grades under low speed (1 m/s) moving loading is carried out and compared with
static solution [24, 28], as shown in Fig. 4. To model single-phase elastic medium,
the parameters of saturated soil n, M, qf , a1, bp are taken as a small value 0.01,
while others agree with comparative research. Then, it can be found that the
shakedown limits calculated are basically consistent with those obtained from
references, indicating that this paper’s method is correct.

5 Shakedown of Homogeneous Saturated Ground

The main factors influencing the dynamic stress response of saturated foundation
under high-speed moving loading include loading movement characteristic (ve-
locity) and soil saturation properties (noticeably permeability coefficient). This
section further discusses the influence of these relative factors on shakedown of
homogeneous saturated ground to explain the regular pattern for the shakedown of
the saturated subgrade. The parameters of the soil and moving loading are given in
Tables 1 and 2.
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 Present work
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 Shiau (2001)

Fig. 4 Comparison with a
static solution

Table 1 Parameters of
moving loading

q1 (Pa) 2a (m) 2b (m) x0 t

50,000 1 1 0 0
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5.1 Effects of Moving Loading’s Velocity

Figure 5 shows that the shakedown limits vary with loading’s velocity in the sat-
urated ground, where three internal friction angles (u = 0°, 15°, 30°) are calculated,
soil cohesion c1 is 10 kPa, and other parameters are shown in Tables 1 and 2. What
is more, an important property Rayleigh wave speed is 104 m/s, calculated through
Eq. 16:

vcr ¼ 0:87þ 1:12lsð Þ= 1þ lsð Þ
ffiffiffiffiffiffiffiffi
l=q

p
ð16Þ

where ls and q are Poisson ratio and density of soil, respectively.
It can be seen that shakedown limit decreases with the increase in speed.

However, it is noticeable that there is no evident declining tendency when the
velocity reaches the Rayleigh wave speed. Additionally, it can be concluded from
Fig. 5 that the bigger the internal friction angle, the more difficult for subgrade to
reach the critical state.

5.2 Effects of Soil’s Permeability Coefficient

Figure 6 shows that the permeability coefficient affects the shakedown limit of the
saturated foundation. Cohesion c1 is 10 kPa, while other parameters are shown in
Tables 1 and 2. It can be seen that, generally, the smaller the permeability coeffi-
cient, the lower the shakedown limit of the ground, and such a phenomenon

R
ayleigh w

ave speed

Fig. 5 Effects of loading
moving speed

Table 2 Parameters of saturated soil

l (N/m2) k (N/m2) M (N/m2) a n qs (kg/m
3) qf (kg/m

3) a∞ bp = η/k (N/m3 s2)

2.0 � 107 4.0 � 107 2.4 � 108 0.97 0.4 2.0 � 103 1.0 � 103 1.0 1.94 � 106
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becomes more obvious with the increase in speed. It is worth pointing out that three
curves of permeability coefficient 5 � 10−2, 5 � 10−4 and 5 � 10−6 cm/s almost
coincide, indicating that the permeability coefficient has little influence on shake-
down when it is relatively large. Moreover, in Fig. 6c, the curve 5 � 10−8 cm/s has
a slight inflection point, and this appearance reflects that the permeability coefficient
might have a certain relation to Rayleigh wave speed of saturated soil, whose
mechanism deserves further discussion.

6 Shakedown of Flexible Pavement on a Saturated
Subgrade

The real road is composed of a surface layer, base layer and saturated subsoil.
Compared with homogeneous saturated ground, the existence of the upper two hard
layers greatly improves the inherent Rayleigh wave speed of the system which leads
to a significant reduction in dynamic stress, especially under high-speed moving

(a) φ=0° (b) φ=15°

(c) φ=30°

Fig. 6 Effects of permeability coefficient
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loading. This section carries out quantitative shakedown analysis of such structure.
In order to highlight the impact of saturated soil properties on shakedown for the
pavement system, surface layer and base layer are integrated into an overlying hard
layer referred to as pavement, and saturated subgrade is regarded as the infinite
thickness bottom layer. Therefore, the complex structure is simplified into a
double-layer half-space model, in which the pavement is the upper layer and
subgrade is the lower one.

The medium of the analytical model is considered as Mohr–Coulomb material.
In the pavement engineering design, the strength ratio of upper and lower layer c1/
c2 is one of the key parameters. For the subsoil, cohesion c2 is 10 kPa and u2 is
zero. The strength ratio c1/c2 varies from 1 to 1000, and the internal friction angle of
the pavement u1 is 30°. What is more, pavement usually is considered as an elastic
flexible material, so the parameters of upper layer n, M, qf , a1, bp take a small
value 0.0001 to use the dynamic response solution of the poroelastic medium. Other
parameters of the model are shown in Tables 3 and 4.

For the double-layered structure, the shakedown limit is denoted by dimen-
sionless factor ksd q1/c2. Figure 7 illustrates the variation of shakedown limit along
velocity in the case of modulus ratio E1/E2 = 10. According to Table 4, Rayleigh
wave speeds of two layers are about 180 and 60 m/s, correspondingly. As it shows
that when the upper layer’s strength is much larger than the lower such as the
circumstance of c1/c2 = 10 or 1000, the critical point is located at the lower layer.
However, while the strengths of the two layers are very close (c1/c2 � 2), upper
layer reaches the critical state first. When the ratio is at the middle level, c1/c2 = 5,
along with increasing velocity, the position of criticality gradually transits from the
upper layer to lower layer, and it is because the dynamic stress response has a
significant amplification effect with depth under high-speed moving loading [27].

Table 3 Parameters of moving loading

q1 (Pa) 2a (m) 2b (m) x0 t

50,000 0.24 0.24 0 0

Table 4 Physical–mechanical parameters of the model

Parameters l (N/m2) k (N/m2) Thickness
(m)

c (kPa) a

Pavement 5.56 � 106 to
5.56 � 108

8.33 � 106 to
8.33 � 108

0.25 10 0.0001

Subgrade
soil

5.56 � 106 8.33 � 106 Infinite 10 0.97

a∞ n qf (kg/m
3) qs (kg/m

3) M (N/m2) bp (N/
m3 s2)

0.0001 0.0001 0.0001 2.22 � 103 0.0001 0.0001

1.00 0.20 1.00 � 103 2.00 � 103 2.40 � 108 1.94 � 106
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Figure 8 shows the evolution of shakedown limit with stiffness ratio and strength
ratio under different velocities. Figure 8a presents results of low speed as almost
static, and when strength ratio is extremely large such as c1/c2 = 1000 which means
the pavement is very hard, the shakedown limit of the system depends on the
relatively soft subgrade and the value increases with modulus ratio. Conversely,
while there is no evident difference in strength for two layers (c1/c2 = 1), shake-
down behavior emerges at the upper layer, and with increasing modulus ratio the
limit value decreases with the augment of modulus diversity. For the intermediate
strength ratio level (c1/c2 = 1, 5), the location of criticality depends on the modulus
ratio. The low modulus ratio makes the lower layer reach the shakedown first, and
the phenomenon is contrary to that under large modulus ratio. Moreover, Fig. 8b
shows the circumstance of 70 m/s moving loading and compared with Fig. 8a, the
difference is that when modulus ratio E1/E2 > 50 except the condition of extremely
great strength ratio, shakedown limit loading is close to being a constant.

Fig. 7 Effects of loading
moving speed under different
strength ratio (E1/E2 = 10,
u1 = 30°, u2 = 0°)

(a) v=0m/s (b) v=70m/s

Fig. 8 Effects of stiffness ratio under different loading moving speed (u1 = 30°, u2 = 0°)
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Evidently, from the point of view of road design, the case that the pavement
distresses appear before the damage of the subsoil cannot satisfy the safety
requirement, but it is also not economical if the pavement is too firm. Based on the
analysis above, it is not difficult to conclude that there must be optimal parameters
for the double-layered pavement system such as modulus ratio and strength ratio to
make the upper and lower layers to reach the critical state simultaneously, so we
recommend that further study should be carried out on this issue.

7 Conclusions

Based on Melan’s low-bound theorem, this paper develops the study about the
shakedown of flexible pavement on saturated subgrade considering the dynamic
effects caused by moving traffic loading, in which the dynamic stress field is solved
with analytical solutions built upon Biot’s dynamic poroelastic theory. The impacts
of loading characteristics (moving velocity), saturated soil properties (permeability)
and pavement conditions (stiffness, strength) on shakedown of a structure are
discussed. The research shows that:

1. The shakedown limit of homogeneous saturated ground decreases with the
increase in moving loading velocity, but when the velocity reaches the Rayleigh
wave velocity, the value does not change much. The ground whose soil’s
internal friction angle is bigger has the larger shakedown limit loading. In
addition, when the permeability of saturated ground is pretty poor such as soft
clay, the smaller the permeability, the lower the shakedown limit, but when the
soil has good permeability, the effect of the permeability coefficient on the
shakedown can be ignored.

2. Real pavement–subgrade system is modeled as the double-layer half-space, and
its shakedown is closely related to the strength ratio (c1/c2) and modulus ratio
(E1/E2) of the upper and lower layers. If the modulus condition of the system is
given, the critical position is gradually transferred from the upper layer to the
lower with the increase in strength ratio. On the other hand, if the strength
condition has been known, the location of criticality will have the transition
from the subgrade soil to the pavement. Theoretically, there is the existence of
optimal design parameters about modulus ratio and strength ratio for the sub-
grade to make pavement and subsoil critical shakedown at the same time, which
is worthy of more exploration to improve the pavement engineering design.
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Application of Geosynthetics in Highway
Engineering

Hao Tang

Abstract Geosynthetics have good engineering characteristics, such as light-
weight, low price, high practicality, strong corrosion resistance, and high strength,
so they are widely used in engineering construction, which has played multiple
roles in highway engineering, such as protection, drainage, filter layer, isolation,
reinforcement, and seepage prevention. This article will introduce the types, char-
acteristics, and working principles of geosynthetics and list the application methods
and conditions of common hazards in the construction of highway engineering. It
will illustrate the importance and applicability of geosynthetics in highway engi-
neering through the method that combines theory with actual engineering, and it is
hoped that it can be used for reference to similar projects by listing the application
case of the Yinchuan–Guyaozi expressway in China. In the end, it will point out the
problems that exist in geosynthetics in the aspect of theoretical research, testing
technology, design calculations, specification criteria, and so on, and the directions
of their future development.

Keywords Geosynthetics � Highway engineering � Working principles �
Application

1 Classification of Geosynthetics

Geosynthetics are a new kind of synthetic material, and their application is origi-
nated in the 1970s. The main application areas include railways, highways, sea-
ports, tunnels, airports, and military facilities. China began to apply geosynthetics
in highway engineering in the 1980s. It is mainly placed on the surface of the soil,
within the soil and between layers of the soil. At present, there are many types of
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geosynthetics, which can be roughly divided into five types based on the differences
of raw materials and material characteristics: geotextiles, geomembranes, geogrids,
special geosynthetics, and composite geosynthetics [1], as shown in Fig. 1.

1.1 Geotextiles

According to different manufacturing methods, geotextiles can be classified into
two types: spinning type and non-spinning type. The spinning types are woven
fabrics that are formed by spinning and weaving, while non-spinning type refers to
arranging the textile staple fiber or filament directly or randomly by mechanical, hot
sticky, or chemical methods. In the manufacturing process, the polymer is first
processed into filaments, staple fibers, yarns or strips and then made into a flat
geotextile, which has advantages of light weight, high tensile strength, and high
corrosion resistance.

Fig. 1 Classification of geosynthetics
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1.2 Geomembrane

Geomembrane is a kind of composite material. According to different raw mate-
rials, it can be divided into polymer geomembrane and asphalt geomembrane.
Geomembrane has good waterproof property, deformation ability, and anti-aging
ability. In the soil or water, it has strong durability, so it can greatly enhance the
quality of the road.

1.3 Geogrid

Geogrid can be divided into glass fiber geogrid and plastic geogrid according to
different materials. Glass fiber grating has the advantages of lightweight and con-
venient cutting; plastic grating has good corrosion resistance, durability, and
anti-aging resistance.

1.4 Special Geosynthetics

Special geosynthetics include geotechnical bags, geonets, geotextiles, geocells, and
ultralight synthetic materials. Geotechnical bags are composed of double-layer
polymerized fibers and have good water resistance. Therefore, they are often used
in slope protection and foundation treatment. Geonets have high rigidity and are
often used for slope protection and soft soil foundation reinforcement. Geotextiles
and geocells are commonly used in anti-erosion engineering.

1.5 Composite Geosynthetics

Composite geosynthetics refer to geotextiles that combine two or more of geo-
textiles, geomembranes, geogrids, and geotechnical materials. Composite geosyn-
thetics have the advantages of various materials and therefore have good
applicability.

2 Characteristics of Geosynthetics

Geosynthetics have many characteristics. This article mainly introduces its physical
properties, mechanical properties, durability, and permeability.
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2.1 Physical Characteristics

Geosynthetics have the characteristics of thin thickness and light weight. The average
thickness of geotextile is 0.1–5 mm, the average thickness of geomembrane is 0.25–
0.75 mm, and the minimum thickness of composite material can reach 0.1 mm.

2.2 Mechanical Properties

The mechanical properties of geosynthetic materials mainly refer to their tensile
strength, tearing force, and holding force. In the prevention and drainage materials,
most of the materials used are flexible materials, so their tensile strength is often
used to determine their ability to withstand loads; holding force can reflect the
ability of geosynthetics to disperse concentrated forces; tearing force can be used to
reflect the ability of the material to resist breakage.

2.3 Durability

The durability of geosynthetic materials mainly refers to their resistance to external
factors such as temperature changes, biological and chemical erosion, wet and dry
changes, freeze–thaw cycles, ultraviolet radiation, and mechanical wear, and it has
an important connection with the type of polymer and the properties of additives.

2.4 Permeability

The permeability of geosynthetics is an important engineering index, which mainly
determines its permeability and drainage capacity. Permeability is closely related to
the porosity, pore size, and distribution of materials, and its vertical and horizontal
permeability coefficients are mainly penetration test to determine.

3 The Principle of Geosynthetics

3.1 Protection

Geosynthetics play a certain protective role in highway engineering and can dis-
perse certain stresses, which mainly reflected in two aspects. First, when the tem-
perature is too low, geosynthetics can insulate and reduce the structural deformation
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caused by the temperature changes; second, when the road is subjected to a con-
centrated load, the geosynthetic material can disperse the concentrated force and
reduce the phenomenon of road cracking.

3.2 Drainage

In order to ensure the rapid discharge of water in the soil, it is generally required
that the permeability of the geosynthetic material is higher than that of the adjacent
structure, which will gather the water in the soil and discharge it along the material
to ensure the stability of the overall structure of the highway engineering.

3.3 Filter Layer

Placing geosynthetics between two adjacent soil layers can effectively prevent the
loss of sand and enhance the stability of roadbed. At the same time, water and gas
can easily flow out from the gaps of geosynthetics and prevent the accumulation of
water in the soil, thus played a good role in the filter.

3.4 Isolation

In highway projects, geosynthetic materials are commonly used to separate different
soil materials and sand and stone materials from the ground. It can effectively
separate sand particles with different particle sizes, thereby preventing them from
blending with each other and avoiding the sand loss, which can improve the sta-
bility of the overall structure and protect various construction materials.

3.5 Reinforcement

Geosynthetics have good tensile properties and are often used as reinforcing
materials for weak and complex geology. Adding it to the soil can significantly
improve the mechanical properties of the structure so that the soil can withstand
greater shear force, and some geosynthetic materials have a certain frictional
resistance, which can limit the movement of the soil and thus improve the stability
of the structure.
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3.6 Impervious

Some geosynthetic materials can effectively prevent seepage because of their
special properties. The common anti-seepage methods used in highway engineering
are to use plastic membranes and geosynthetic materials together or carry out
waterproof treatment on geosynthetics.

4 Application Methods in Highway Engineering

4.1 Soft Foundation

The lateral earth pressure generated by the high-fill embankment on the soft
foundation will cause horizontal shear stress on the surface of the foundation and
lead to the displacement on both sides of the embankment, as shown in Fig. 2. It
will seriously influence the instability of the embankment. To treat this type of weak
foundation, one or more layers of geogrids, geonets, or geotextiles are placed on the
bottom of the embankment, thereby limiting the lateral displacement of the
embankment, increasing the stability of the embankment, and reducing embank-
ment cracking caused by differential settlement. Luo [2] used the method of
experiment and added four different types of reinforced sand cushions above the
soft soil foundation to explore their effects on settlement of soft soil foundation, the
tensile force of geosynthetics, and pressure of road base.

Geogrid is an ideal material for handling soft foundations. Its production process
is firstly extruding polymer plate and then perforating the sheet. The hole is pulled
into a square hole or a long hole by two-way cold drawing or one-way cold
drawing. After placing it in the soil, the soil can enter the hole, which can not only
increase its own strength but also enhance the friction between the geogrid and the
soil, so it can improve the stability of the weak foundation. Glass fiber geogrid and
plastic geogrid are geogrids that are commonly used, and we often select the more
suitable materials according to the actual conditions of different projects. The main
parameters of the two materials are shown in Table 1. They are tensile strength,
creep properties, temperature resistance, and fracture extensibility.

Fig. 2 Application methods
in a soft foundation
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4.2 Differential Settlement

When constructing tunnels, bridges, and culverts, if the backfilling process at the
back of the platform is not reasonable, it will easily lead to a large difference in
stiffness and result in uneven settlement of the filling. This is an important issue that
needs to be resolved in the highway project. At present, the main method to deal
with this problem is to reinforce the backfill soil on the back of the structure, which
uses the good frictional resistance formed between the geosynthetic material and the
backfill, and the good anchoring force between the geosynthetics and the structure.
Therefore, the structure can be connected with the backfill soil, which can improve
stability and reduce the occurrence of uneven settlement. Yuan [3] analyzed the
causes of uneven settlement in the transition section between the road and the
bridge from the aspects of fillings, foundation condition, and stiffness difference
between the road and the bridge and puts forward some methods to reduce uneven
settlement and described the application result in practical engineering. Figure 3
shows the typical application method of the transition section between the road and
the bridge.

At present, the most widely used geosynthetics in the treatment of uneven
settlement of subgrade are geofoam polystyrene blocks, which are used for filling or
backfilling the roadbed materials, which will effectively improve the stability of the
roadbed, reduce the weight, and reduce the phenomenon of uneven settlement.

Table 1 Main parameters of glass fiber geogrid and plastic geogrid

Type Tensile strength
(kN/m)

Creep
properties

Temperature
resistance

Fracture
extensibility (%)

Glass fiber
geogrid

30–50 (longitudinal
direction)
30–100 (transverse
directions)

None Good 3–4

Plastic
geogrid

25–110 (unidirection)
15–45 (bidirection)

Large Common 9–16

Fig. 3 Application methods
in a differential settlement
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4.3 Pavement Cracks

There are two main reasons for the formation of pavement cracks. One is cracking
of the road due to changes in temperature or humidity, and the other is cracking of
the road surface caused by repeated external loads. The use of geosynthetics can
well avoid the occurrence of reflective cracks. The use of geosynthetics is to place
the geosynthetic material on the bottom of the asphalt layer in old cement concrete
on pavements or on the surface of old asphalt concrete pavements. When cracks
occur in new roads, geosynthetics can be placed at the bottom of the new asphalt
surface. Zou [4] introduced the design method of geosynthetics used in asphalt
pavement and analyzed the mechanism and influencing factors of preventing
pavement cracks. Figure 4 shows a schematic diagram of the application method of
geosynthetics in preventing pavement cracks.

In order to prevent cracks from occurring, geosynthetic materials must have high
tensile strength, and the pavement temperature is sometimes high, so the materials
used should also be characterized by high-temperature resistance and acid and alkali
resistance. After comparison, the geosynthetic materials often used in the preven-
tion of road surface cracks are glass fiber grids and geotextiles. The glass fiber grids
have higher tensile strength and can withstand high temperatures. The geotextiles
can form an impervious layer in the asphalt, which can prevent water seepage. At
the same time, geotextiles have poor thermal conductivity and can reduce road
surface deformation caused by temperature. Therefore, both materials have their
own advantages, and we need to meet some technical requirements when using
them, which are shown in Table 2.

4.4 Slope Protection

Slope protection mainly includes slope protection and erosion protection. The slope
protection is mainly to prevent the instability of the soil caused by natural factors;

Fig. 4 Application methods
in pavement cracks
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the erosion protection is mainly to prevent the erosion of the water flow to the
roadbed, which can be protected directly, that is, to reinforce the slope, and it can
also be carried out in an indirect way, that is, to change the direction and speed of
the water flow. Tian [5] discussed in detail the main application types and methods
of geosynthetics in slope.

In slope protection, the geosynthetics of geonets, geotextiles, and geocells are
commonly used. In soil slopes, they are often used in sowing or as stretch-net turf to
protect the soil. The stretch-net turf has the advantages of convenient handling and
cutting, no damage to the roots of grass, and so on. It is widely used in the
protection of the soil slope; in rocky slopes, geogrids or geonets can be used for
protection against water erosion; geotextile bags or geotextiles can be used to
prevent erosion in roadside embankments.

4.5 Drainage

Li [6] put forward the design method and development prospect of geosynthetics in
highway drainage of western China based on the research status at home and
abroad. Drainage construction of highways is a very important link. Geosynthetic
materials are often used as drainage bodies and filters in highway projects. They can
increase the drainage capacity of highway structures. Geosynthetics and geocom-
posite materials are commonly used [7].

The geotechnical mold bag has a certain strength, its arrangement is more
convenient than the drain hole, and it has a good effect of reverse filtration and
drainage, so it is often used in the protection of foundations and slopes. It is a kind
of bag-shaped double-layer polymerized chemical fiber fabric. When it is applied,
concrete or sand is poured into it. The composite geotechnical material cannot only
drain water but also avoid the soil particles from being discharged into the drainage
system and thereby avoiding the drainage channel blockage. It is mainly applied to
the vertical drainage in the road surface or retaining wall behind the filter drainage
system.

Table 2 Technical requirements of glass fiber geogrid and geotextiles

Glass fiber
geogrid

Tensile strength
(kN/m)

Fracture
extensibility (%)

Mesh size/
(mm � mm)

Mesh
shape

� 50 � 3 (12 � 12)–
(20 � 20)

Rectangle

Geotextiles Tensile strength (kN/m) Weight of unit area (g/m2)

� 50 � 200
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5 Project Examples

A relatively wide range of loess is distributed in Ningxia, China. In highway
projects, problems such as the settlement of embankments, damage to slopes,
cracking of pavements, and diseases of drainage facilities are easily caused [8]. The
Yinchuan–Guyaozi expressway passes through the loess layer. To prevent the loess
subsidence, a geogrid with full sections is used to improve the bearing capacity of
the roadbed, whose spacing is 50 cm, and a 50-cm stabilized lime soil layer is laid
on the base for stabilization. In order to prevent the occurrence of reflective cracks,
geotextiles and glass fiber gratings are used in this project. Loess has poor engi-
neering properties under the influence of rain, and collapsible, shrinkage, and other
changes causing a variety of water damage and diseases can easily occur. In
addition, rain also has a large scouring power for the soil slope, so the method of
applying growing grass to protect slope is not effective. In this project, a combi-
nation of a three-dimensional geotextile pad and a geocell is used and has obtained
a good engineering result. Figure 5 shows the diagram of the reinforced
embankment.

6 Existing Problems and Research Directions

(1) There are few studies on the basic properties of geosynthetic materials,
including aging, creep, and lay-up losses [9], which make them more artificial
in determining the tensile strength and modulus of the design. The US speci-
fication introduces a reduction coefficient to consider factors such as aging,
creep, and lay-up losses affecting tensile strength and modulus.

(2) At present, there are many theoretical types of research on geosynthetic
materials, but there are few experimental studies, especially the lack of on-site
tests, and fewer data obtained through long-term observations.

(3) The research on geosynthetic material design calculation is not deep enough,
and some applications have not yet formed a calculation method.

Fig. 5 Diagram of the reinforced embankment
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(4) At present, there are few specifications for the use of geosynthetics, and
therefore, there is a great deal of randomness in use [10].

At present, geosynthetics are widely used in small projects. In the future,
geosynthetic materials will be developed in the direction of composite, synthetic,
and series models and will be applied more to medium and large projects. In the
future, it is still necessary to further improve and perfect the theoretical research,
test technology, design calculation, and specification criteria, which reveals that the
development prospect of geosynthetics is very broad.

7 Conclusion

Geosynthetics are widely used in highway engineering and have strong applica-
bility. They mainly play the role of protection, drainage, filter layer, isolation,
reinforcement, seepage prevention, and so on. The common types of hazards in
highway engineering, such as weak foundations, uneven settlement, pavement
cracks, insufficient protection of slope, and obstructed drainage, have different
application conditions depending on the characteristics of various materials. There
are still some existing problems in the aspect of theoretical research, testing tech-
nology, design calculations, specification criteria, and so on; therefore, there is still
much room for development.
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Investigation the Usability of Garnet
as Filler Material in Hot Mix Asphalt

Sebnem Karahancer , Ekinhan Eriskin , Kemal Armagan ,
Nihat Morova , Gizem Kacaroglu , Oznur Karadag ,
Mehmet Saltan and Serdal Terzi

Abstract In this study, the usability of garnet in hot mix asphalt (HMA) as the
filler material is investigated. Therefore, the garnet material is sieved through
75 µm. Obtained garnet dust is substituted into hot mix asphalt (HMA) mixture as
filler material in four different rates (25, 50, 75 and 100%). Optimum binder rates
and the gradation are determined in accordance with the Superpave volumetric mix
design procedure. After the determination of optimum binder rate for each different
garnet rate, the mixtures have compacted using Superpave gyratory compactor.
Indirect tensile strength values and the tensile strength ratios have been obtained in
accordance with AASHTO T 283 test procedure.

Keywords Garnet � Filler � Moisture susceptibility � Indirect tensile strength
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1 Introduction

Waste materials generation by continuously increasing consumption becomes an
important issue in the world. The use of these waste materials in hot mix asphalt
(HMA) production is less costly and eco-friendly solution for decreasing the pro-
duction costs and expecting to enhance the asphalt properties. Also, the use of these
waste materials can increase asphalt resistance to some pavement’s distresses [1].

Using sustainable and cost-effective alternative materials for constructing road
and airfield pavements have been recently gained importance due to increasing need
to naturally aggregate sources and the increasing awareness of environmental
problems, such as green gas emissions and disposals associated with using con-
ventional asphalt materials in asphalt pavement construction [2].

The hot mix asphalt (HMA) industry has been tried a wide variety of waste
materials as an additive in HMA production in recent years. There are some
legitimate concerns has occurred: (a) engineering concerns such as effect on the
engineering properties (e.g., strength and durability), mixture requirements, impact
on production and future recyclability; (b) environmental concerns, such as safety,
storage, handling, emissions, fumes, potential by-products, odor, leaching and
processing procedures and (c) economic concerns, such as equipment issues, per-
formance issues, salvage value, political issues, lack of monetary incentives and
alternative disposal options [3, 4].

Waste materials used as additive in HMA can be mainly classified as following:
(i) household, (ii) industrial, (iii) mining and (iv) construction wastes. Some sample
for these wastes could be as (i) glass, eatable oil, scrap rubber, (ii) engine oil,
cellulose, slag, (iii) coalmine refuse and (iv) recycled concrete aggregates [5].

2 Materials and Methods

In this study, garnet waste used as an additive in HMA and indirect tensile strength
(ITS) test was used to determine the usability of garnet waste in asphalt pavements.
Muttashar et al. have examined the usability of garnet waste in concrete as an
additive. They determined the microstructure and physical properties of garnet
waste and they obtained spent garnet is possible to apply in concrete [6].

2.1 Aggregate

Limestone aggregate is selected for this study and the mineral aggregate charac-
teristics are given in Table 1. The gradation used for this study is also shown in
Fig. 1.
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2.2 Bitumen

Bitumen with a penetration grade of 50/70 has been selected for this study and the
basic rheological properties are shown in Table 2.

Table 1 Mineral aggregate characteristics

Sieve diameter Properties Standard Limestone aggregate

4.75–
0.075 mm

Specific gravity (g/cm3) ASTM C 127-88 2.700

Saturated specific gravity 2.652

Water absorption (%) 0.130

25–4.75 mm Specific gravity (g/cm3) ASTM C 128-88 2.670

Saturated specific gravity 2.428

Water absorption (%) 2.800

Abrasion loss (%) (Los Angeles) ASTM C 131 20.38
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Fig. 1 Aggregate gradation selected for this study

Table 2 Basic rheological
properties

Penetration (25 °C) 50–60

Flash point 180 °C

Combustion point 230 °C

Softening point 53.1 °C

Ductility (5 cm/min) >100 cm

Specific gravity (g/cm3) 1.030
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2.3 Garnet

The garnet used in this study is the rest from processing the garnet. The specific
gravity value of the garnet is calculated as 3.61 g/cm3. An image of the sample is
shown in Fig. 2.

2.4 Superpave Volumetric Mix Design

12.5 mm sieve size is selected as nominal maximum sieve size for wearing course
layer. Four samples for the selected gradation with different bitumen rate are pre-
pared. Bitumen rate which ensures 4% air void. In addition, the same bitumen rate
should ensure the minimum voids in mineral aggregate (14%) and specification
interval of voids filled with asphalt (65–75%). Optimum binder content for each
garnet rate is given in Fig. 3.

3 Results and Discussion

The strength results for each specimen have been obtained using indirect tensile
(IDT) strength test. At this stage, the specimens are divided into two groups while
one of the groups conditioned, and the other group is left unconditioned. The ratio

Fig. 2 A sample of garnet waste filler
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of the strength results of conditioned and unconditioned specimens has been
obtained to determine the tensile strength ratio (TSR), which is used to determine
the moisture susceptibility.

To determine the strength results, each specimen has been prepared according to
AASHTO T283. Once specimens with a diameter of 101.6 mm are mixed and
compacted using gyratory compactor, they all are cured in an oven for three days at
40 °C. When all the specimens are dried at the end of three days, they are taken out
from the oven and divided into two groups. One of the groups left to cool down to
25 °C and loaded till failure for the unconditioned strength results. The other group
soaked into water bath at 25 °C for one day. Afterward, they are vacuum-saturated
and placed into a cabin for 16 h at −18 °C. At the end of freezing period, they are
placed into 60 °C water bath for one day for thawing process. And last of all, they
are placed into 25 °C water bath to cool down before they can be loaded to obtain
the conditioned strength results. The ratio gives the TSR result which should be min
80%.

IDT test results and TSR values are shown in Figs. 4 and 5, respectively. As
seen in Fig. 5, adding of garnet increases the TSR value which means that the
specimens got less moisture susceptible.

As seen in Fig. 5, TSR values are increasing by substituting more garnet into the
mixture as filler. So, the conditioned and unconditioned specimens’ strength values
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are closing to each other. That means that substituting more garnet into the mixture
decreases the moisture susceptibility of the specimens.

4 Conclusion

Utilization of garnet as filler in densely graded mixture has been studied in this
study. The mixture is prepared in accordance with volumetric mix design proce-
dure. As a result of the volumetric mix design process, the optimum binder content
has been calculated as 4.5% by weight of aggregate for this study.

Garnet substituting decreases the moisture susceptibility. Specimens with all
garnet substituting rates are above the specification TSR limit value, which is 80%.
So, filler addition is increasing the moisture strength of the mixture.
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Utility of Aramid, Polyolefin
and Polypropylene Combination in Hot
Mix Asphalt as a Fiber Material

Baris Karahancer , Nihat Morova , Sebnem Karahancer ,
Ekinhan Eriskin , Serdal Terzi and Mehmet Saltan

Abstract Fibers are very useful for improving the strength of the hot mix asphalt
mixtures. However, the homogenous distribution in the mixture is an important
factor of the usability. Therefore, a combination of aramid, polyolefin and
polypropylene is used in the market. The polyolefin fibers in the combination are
used to ensuring the homogenous mixture. In this study, the utility of the fiber
combination in hot mix asphalt as a fiber material is examined. Therefore, the fibers
are added into the mixture in three different rates (1, 3 and 5‰ by weight of the
mixture). Firstly, the optimum binder rates are determined, and the specimens have
been tested for the indirect tensile strength and tensile strength ratio values in
accordance with the modified Lottman test. As a result, fiber-reinforced mixtures
have less moisture susceptibilities than the reference mixture.

Keywords Fiber reinforcement � Aramid–polyolefin–polypropylene fiber �
Moisture susceptibility
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1 Introduction

In recent years, different ways of improving asphalt pavements performance have
been gaining more and more popularity. One of such technologies is using fibers as
a reinforcement in asphalt mixtures, which derives from cement concrete fiber
reinforcement. Various types of fibers are known to be used in this application.
These include both synthetic (glass, carbon and polymer) and natural (hemp, coir,
jute, sisal and flax) fibers [1]. The main function of fibers incorporated into the
asphalt mixture is to increase tensile strength which can result in higher strain
energy responsible for fracture characteristics [2]. As a result, asphalt mixtures with
fibers addition tend to be more resistant to moisture.

An extensive testing of aramid–polyalphaolefin fibers was done by Kaloush
et al. [3]. Subjected fibers were evaluated in terms of their influence on triaxial shear
strength, resistance to permanent deformation measured by the results of dynamic
creep test, dynamic modulus, fatigue life, thermal cracking and crack propagation.
Two different fiber contents were tested—0.45 kg and 0.9 kg per ton of asphalt
mixture. Overall, mixtures with the addition of fibers showed better characteristics
than reference mixtures, but fiber content was also a factor that affected final results.
For dynamic modulus test, mixture with 0.45 kg fiber content presented higher
moduli than reference mixture, while adding 0.9 kg fiber content resulted in worse
(i.e., lower modulus) characteristics. Flexural strength was also affected by fibers
content in the same manner, and it can be concluded that for certain properties there
is an optimum fiber content after which adding more fibers can lead to unsatis-
factory results. Kaloush also concluded that better performance of asphalt mixtures
with discussed fibers can be also incorporated in the pavement design process and
pavement overall thickness can be reduced by using fibers [4, 5]. Stempihar et al.
described the use of aramid fibers in open-graded asphalt mixtures used for airfield
pavements. According to his findings, fiber-reinforced asphalt concrete improves
dynamic modulus especially at higher temperatures and although the initial cost of
the mixture is slightly higher than traditional mix, in overall this extra cost can be
overcome by a minimal increase in pavement service life [6].

2 Experimental Details

2.1 Methodology

The objective of the experiment was to determine the influence of polymer fibers
addition on the selected properties of asphalt mixtures for wearing course. The
research program was defined to identify eventual differences between asphalt
mixtures with and without reinforcing fibers. It included the evaluation of param-
eters responsible for pavement behavior for moisture susceptibility.
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2.2 Materials

Aggregate Selection
Standard aggregate tests are conducted for mineral aggregate characteristics.
Limestone mineral aggregate characteristics are given in Table 1.

Gradation and Size
Selecting the design aggregate structure, trial blends are established by mathe-
matically combining the gradations of the individual materials into a single blend.
The blend is then compared to the specification requirements for the appropriate
sieves. Gradation control is based on four control sieves: the maximum sieve, the
nominal maximum sieve, the 2.36-mm sieve and the 0.075-mm sieve. There is also
a recommended “restricted zone.” The restricted zone is an area on either side of the
maximum density line generally starting at the 2.36-mm sieve and extending to the
0.300-mm sieve. The minimum and maximum values required for the control sieves
change (as does the restricted zone) as the nominal size of the blend changes. The
nominal maximum aggregate size is 12.5 mm. The aggregate grading curve for
asphalt mixtures is selected in convenience with aggregate gradation control points
according to AASHTO MP2 (Fig. 1) (AASHTO, 2001).

Asphalt Binder Selection
Standard tests are conducted for asphalt binder properties. Table 2 shows the test
results.

Optimum Asphalt Binder Content
Asphalt binder’s performance grade (PG) was determined as PG64-22 according to
the last 20 years’ weather data and traffic loads of the Isparta region. Specimens
with four different binder contents (4.5, 5, 5.5 and 6% for fiber-reinforced samples
and 3.5, 4, 4.5 and 5% for reference sample) are prepared at Ndesign (125 gyrations).
These samples are compacted with Superpave gyratory compactor (SGC). The
specimens are compacted with the Ndesign gyration numbers.

Table 1 Mineral aggregate characteristics

Sieve diameter
(mm)

Properties Standard Limestone
aggregate

4.75–0.075 Specific gravity (g/cm3) ASTM C
127-88

2.700

Saturated specific gravity 2.652

Water absorption (%) 0.130

25–4.75 Specific gravity (g/cm3) ASTM C 128
88

2.670

Saturated specific gravity 2.428

Water absorption (%) 2.800

Abrasion loss (%) (Los
Angeles)

ASTM C 131 20.38
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For a nominal maximum aggregate size (NMAS) of 12.5 mm mixture, the
minimum VMA value is 14%. VFA values depend on traffic level—at higher traffic
levels, the permissible range for VFA in the Superpave system is 65–75%. Figure 2
is drawn according to all the four specimen’s calculated Air Void, VMA, VFA and
specific gravity values. A best-fit curve through data points is drawn. From the
drawn curve, the asphalt binder content corresponding to 4% air void is selected as
optimum asphalt binder content and checked if the other requirements are met.
According to the results, the optimum binder content is chosen 4.5% for reference
sample and 5.23% for 1‰ fiber-added sample, 5.44% for 3‰ fiber-added sample
and 5.67% for 5‰ fiber-added sample by weight.

Aramid, Polyolefin and Polypropylene Fiber
The additive product was a mix of aramid, polyolefin and polypropylene fibers,
which are designed for use as reinforcement in asphalt mixtures for pavement
structures. The type of fibers used in this research is recommended for typical hot
asphalt mixtures (there are also variants intended for warm and cold asphalt
mixtures), whose temperature of production and compaction is within the range of
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Fig. 1 Gradation of the aggregates

Table 2 Asphalt binder
properties

Test Average values Standard

Penetration (25 °C) 60–70 ASTM D5

Flash point 180 °C ASTM D92

Combustion point 230 °C ASTM D92

Softening point 45.5 °C ASTM D36

Ductility (5 cm/min) >100 cm ASTM D113

Specific gravity 1.030 ASTM D70
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121–190 °C. The length of the fibers is 19 mm (Fig. 3a). In accordance with rec-
ommendations of the manufacturer, fibers were added to hot aggregate with a
dosage rate of 1, 3 and 5‰ by weight of asphalt mixture before adding bitumen.
The samples were mixed at 135–165 °C.

3 Results and Discussion

IDT strength test was performed with 1, 3 and 5‰ fiber rates, and tensile strength
ratio (TSR) values were obtained in this study.

The indirect tensile (IDT) strength test is used to get the dry and wet conditions
of the compacted and cured specimens. IDT strength is calculated [7].

The specimens are prepared according to AASHTO T283 test procedure £
101.6 mm test specimen diameter. Each mix sample is compacted with a gyratory
compactor. After gyrations, the specimens are dry-cured at 40 °C for 72 h in a draft
oven. After 3 days, all the specimens are taken out of the oven and checked for the
constant mass. Half of the specimens are cooled down to 25 °C and then loaded till
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failure to obtain the IDT strength. The measured value is the IDTdry. The
remaining specimens are soaked in water for 24 h at 25 °C. Afterward, the spec-
imens are taken out of the water bath and vacuum-saturated till 55–80% saturation
limits are reached. When the specimens are within the limits, they are put into
−18 °C cabin for 16 h. After 16 h, they are soaked in a water bath at 60 °C for
24 h. At last, they are put into a 25 °C water bath for two hours before they are
loaded to obtain the IDTwet value. The ratio of IDTwet to IDTdry is the tensile
strength ratio and calculated [8]. The standard that prescribes this test for the
evaluation of moisture susceptibility recommends a minimum TSR value of 80%
for compliance [8].

TSR values of each mixture are plotted in Fig. 4. The figure clearly demonstrates
that aramid–polyolefin–polypropylene contributed to an increase in TSR, inferring
mitigation of moisture damage due to the addition of aramid–polyolefin–
polypropylene.

In Fig. 5, the wet and dry specimen IDT strengths were compared. As shown in
Fig. 5, the 1, 3 and 5‰ fiber-added specimens’ IDTwet and IDTdry values were
close to each other, so the TSR value is near to 1. That means that the specimens
were not effected by freeze–thaw cycle. In other words, specimens have more
resistance to moisture.

Fig. 3 Sample of fibers used in the study
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4 Conclusion

Utilization of aramid–polyolefin–polypropylene as a fiber in asphalt pavement is
studied. The best aggregate gradation and optimum binder content is selected
according to the Superpave volumetric mix design process. Optimum asphalt binder
content is obtained as 4.5% by weight of aggregate. The following conclusions are
obtained:

Aramid–polyolefin–polypropylene fiber adding decreases the moisture suscepti-
bility. Aramid–polyolefin–polypropylene fiber-added specimens were above the
specification TSR limit value. It was concluded that fiber addition is increasing the
moisture strength of the mixture.
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Study on Mechanical Properties
of Styrene-Acrylic Emulsion-Based
Cement Composite Pavement Joint
Sealant

Ning Yang, Erlei Bai, Jinyu Xu, Guang Peng and Boxu Meng

Abstract In this study, a new type of styrene-acrylic emulsion-based cement
composite pavement joint sealant (SCPJS) suitable for airport pavement was pre-
pared. The powder-latex ratio, cement ratio, volume of dispersing agent and coa-
lescing agent were selected as research factors. Four factors and three levels of
orthogonal test were designed to systematically study the influence of four factors
on the tensile and shear mechanical properties of the joint sealant. The results show
that the effect of powder-latex ratio on the tensile mechanical properties of the joint
sealant is most significant among the four factors. When powder-latex ratio is in the
range of 0.30–0.55, the strength properties of the joint sealant increase with
the increase in powder-latex ratio, and the deformation properties decrease with the
increase in powder-latex ratio. When powder-latex ratio takes 0.40, the joint filler
has the best overall performance of mechanical properties.

Keywords Polymer-cement composite material � Styrene-acrylic emulsion based �
Pavement joint sealant � Mechanical property � Scanning electron microscope
(SEM)

1 Introduction

The cement concrete pavement joint seams of the airport are an important factor
affecting the normal use of the airport pavement. The failure of sealants in airport
pavement joints is the main cause of airport joints [1, 2]. Relevant studies have shown
that joints such as misaligned joints, fragmentation, spalling, muddymud, and broken
plates caused by the failure of pavement joint sealants account for 60–70% of airport
road surface diseases. Such kind of disease makes the integrity of the road surface
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lower and the flatness worse, often causing serious damages such as landing gear
damage when the aircraft takes off and landing, the aircraft escaping from the runway
or even rollover [3, 4]. At present, China’s airport pavement joint sealant materials
have been developed from the earliest used construction-type bituminous, polyvinyl
chloride-based cement joint sealants to the current normal-temperature construction of
polyurethane, silicone, polysulfide, and other types of high-grade joint sealant
materials. Although the caulking effect and performance of such joint sealants have
been improved compared to before, there are still some problems such as poor
adhesive properties, weak resistance to embedding and tearing, poor compatibility
with cement concrete, and poor aging resistance [5–9]. Therefore, for the purpose of
improving the durability of airport joint sealants and the quality of road surface,
ensuring the safety of aircraft flight, it is particularly important to develop a
high-performance joint sealant with strong bonding properties, good flexibility in
deformation, excellent durability, and suitable for airport pavement environment.

The styrene-acrylic emulsion-based cement composite material is a kind of
material, using styrene-acrylic acid ester copolymer emulsion as a matrix material,
cement and inorganic filler as a reinforcing material, effectively compounding
inorganic materials and organic polymer materials to form a high-performance
polymer-cement-based composite materials. This type of composite material not
only has the advantages of high adhesive strength and flexibility, but also has the
advantages of high strength, excellent durability, excellent compatibility with
cement concrete, and economical and environmental protection [10]. Pan et al.
studied the effect of polymer emulsion on the mechanical properties and imperme-
ability of waterproof mortar. The results showed that the impermeability of cement
mortar modified by styrene-acrylic emulsion was significantly higher than that of
styrene-butadiene emulsion and VAE emulsion [11]. Dai et al. studied the effect of
styrene-acrylic emulsion on the microstructure and corrosion resistance of oil-well
cement. The results showed that the corrosion depth of styrene-acrylic emulsion
concrete was significantly less than the corrosion depth of the blank group during the
1–4 months of corrosion under acidic conditions [12]. He studied the influence of
the content of neoprene emulsion and styrene-acrylic emulsion on the performance
of cement mortar. The results show that the incorporation of styrene-acrylic emul-
sion can form a high-strength mesh-like film structure in the mortar, thereby sig-
nificantly improving the frost resistance of the mortar [13]. Jian et al. studied the
effect of polymer-cement ratio and emulsion type on the tensile properties of
polymer-cement waterproof coatings. The results show that for styrene-acrylate
emulsion cement-based waterproof coatings, the higher the polymer-cement ratio,
the higher the tensile strength of the coating film, and the elongation at break is
greater [14]. Dong et al. studied the aging resistance of polymer-cement-based
composite waterproof coating [15]. The above studies have shown that
styrene-acrylic emulsion cement composite materials have good mechanical prop-
erties and durability. Utilizing these performance advantages, styrene-acrylic
emulsion-based cement composite materials can be used as a high-performance
joint sealant for airport pavement environments through scientific mixing ratio
design and reasonable performance modification and optimization. The feasibility of
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using latex-based cement composites as airport pavement joint sealant is relatively
lacking, and existing researches are not systematic and not comprehensive.

In this study, the three-level orthogonal test scheme of four factors (powder-latex
ratio, cement ratio, volume of disperser agent, and volume of coalescing agent) is
designed. The influence of various factors on the mechanical properties of
styrene-acrylic emulsion-based cement composite joint sealants is systematically
studied. Combine with the observation of the microstructure of the joint sealants,
the mechanism of action of the powder-latex ratio on the joint sealant system is
analyzed, providing a certain experiment support for the development and modi-
fication of the styrene-acrylic emulsion-based cement composite joint sealant.

2 Test Preparation

2.1 Raw Materials

Polymer latex: Acronal S400F ap styrene-acrylic emulsion produced by BASF,
Germany; its main properties are shown in Table 1. Cement: P.O 42.5R cement
produced by Yaobai brand in Lantian County, Shaanxi Province; the initial setting
time is 130 min and fineness modulus is 1.6. Inorganic filler: Ultrafine talc powder
produced by Wantong Powder Factory, Dashiqiao, Liaoning Province. Defoaming
agent: NOPCO NXZ defoaming agent produced by Japan Sanofoko (Shanghai)
Co., Ltd. Dispersing agent: SN-DISPERSANT 5040 dispersing agent produced by
Japan Santopco (Shanghai) Co., Ltd. Coalescing agent: DN-12 coalescing agent
produced by Jiangsu Tianyin Chemical Co., Ltd. Water: Tap water.

2.2 Specimen Preparation

In this study, the two sides of the test specimen are cement mortar bases bonded by
SCPJS. The cement mortar base material is prepared in accordance with the stan-
dard [16]. The mortar mix proportion is cement: sand: water = 1:2:0.4, and the size
is 75 mm � 25 mm � 12 mm.

The preparation procedure of the test specimens is as follows: First add dis-
persing agent, coalescing agent and half defoaming agent to the emulsion and stir it
evenly with a stirrer and then add the well-mixed cement and talcum powder to the
emulsion and continue stirring at high speed for 10 min. Add another half of

Table 1 Main performance index of SAE

Solid content (%) Ash content (%) Particle size (lm) Tg (°C) MFT (°C)

99 ± 1 13 ± 2 1–7 0 0°C
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defoaming agent and continue stirring at low speed. After the mixture is stirred
uniformly, a glass rod is used for manual stirring to reduce air bubbles, and then, the
mixture is poured into the mold with a syringe. The standard joint sealant sample
made is shown in Figs. 1 and 2.

2.3 Specimen Preparation

Under the effect of aircraft wheel load and temperature, the horizontal and vertical
displacements in the seams at the joints of cement concrete pavement seams are
mainly affected by tensile stress and shear stress. Therefore, the tensile test and
shear test are used to simulate the stress condition of the joint sealant in the actual
working conditions, and the mechanical properties of the joint sealant are tested.

Fig. 1 Joint sealant test piece
size (size: mm)

Fig. 2 Standard test
specimen of joint sealant
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Tensile Test. HS-3001B type electronic tensile testing machine is used for tensile
test. The fixture applies tensile force to the bonding material on both sides of the
cement mortar substrate. As shown in Fig. 3, the specimen is stretched at a loading
rate of 5 mm/min until the specimen destruction, recording force and displacement
data, each test three specimens. Defining tensile strength ft tensile modulus Et,
tensile breaking elongation dt;b, and tensile peak strain et;p as indicators for eval-
uating the bearing and deformation performance of SCPJS under tensile load.

Shear Test. HS-3001B type electronic shear testing machine is used for tensile test.
As shown in Fig. 4, during the test, the joint sealant specimen to be tested shall be
clamped in the shear test equipment to ensure that the cement mortar substrate and
the equipment are fixed and clamped, and then, the rising end of the equipment is
lifted up to the failure of the test piece at a rate of 5 mm/min. The load displacement
data is automatically recorded by the shearing equipment information collection
terminal. Each group of tests is repeated 3 times. The test result is taken as the
arithmetic mean value. Defining shear strength fs, shear modulus Es, shear breaking
elongation ds;b, and shear peak strain es;p as indicators for evaluating the bearing
and deformation performance of SCPJS under shear load.

Fig. 3 Diagram of tensile
test
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3 Study on Influencing Factors of Mechanical Properties
of SCPJS

3.1 Experiment Plan

In order to explore the main influencing factors of the mechanical properties of joint
sealants and their influence laws, orthogonal test methods are used to select the
powder-latex ratio (the ratio of the total mass of inorganic powder to the total mass
of styrene-acrylic emulsion), cement ratio (the ratio of cement mass to inorganic
powder mass), the volume of dispersing agent (the percentage of dispersing agent
incorporation in the total mass of the styrene-acrylic emulsion and the inorganic
powder), and the volume of coalescing agent (the amount of coalescing agent
incorporated in the total mass of the styrene-acrylic emulsion) as factors of
orthogonality. According to the results of the previous study, the relevant literature
is selected with reference to the relevant literature to select the level of each
experimental factor. Four factors and three levels of orthogonal test are designed,
and the volume of defoaming agent (the percentage of defoaming agent incorpo-
ration in the total mass of the styrene-acrylic emulsion and inorganic powder) is not
selected as an orthogonal test factor, and the volume of defoaming agent of each set
of samples is 0.5%. The specific level of selection of orthogonal experimental
factors is shown in Table 2.

The four-factor three-level orthogonal test table (L9(3
4)) used in the test is shown

in Table 3.
The test specimens are prepared according to Table 3, and tensile tests are

performed after the curing was completed.

Fig. 4 Diagram of shear test
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3.2 Results and Discussion

Selecting tensile strength, tensile modulus, tensile elongation at break, and tensile
peak strain are indexes to evaluate the bearing and deformation properties of SCPJS
under tensile loading. The results are shown in Table 4.

The analysis of extreme difference with the tensile strength ft as the evaluation
index shows that the influence degree of each factor on the bearing capacity of the
joint sealant under tensile load is A > C = D > B, and the extreme difference of the
three factors of B, C and D in turn is 45.45, 72.73, 72.73% of the extreme difference
of factor A. The analysis of extreme difference with the tensile modulus Et as the
evaluation index shows that the influence degree of each factor on the bearing
capacity of the joint sealant under tensile load is A > B > D > C, and the extreme
difference of the three factors of B, C and D in turn is 38.10, 14.29, 19.05% of the
extreme difference of factor A. The analysis of extreme difference with the tensile
breaking elongation dt;b as the evaluation index shows that the influence degree of
each factor on the bearing capacity of the joint sealant under tensile load is
A > B>C > D, and the extreme difference of the three factors of B, C and D in turn
is 75.66, 54.35, 7.45% of the extreme difference of factor A. The analysis of
extreme difference with the tensile peak strain et;p as the evaluation index shows
that the influence degree of each factor on the bearing capacity of the joint sealant

Table 2 Factors and levels of orthogonal experiment

Level Powder-latex
ratio (A)

Cement-powder
ratio (B) (%)

Volume of
dispersing agent
(C) (%)

Volume of
coalescing agent
(D) (%)

1 0.4 40 0.2 2

2 0.6 25 0.6 5

3 0.8 10 1.0 8

Table 3 Scheme of orthogonal experiment (L9(3
4))

Sample Code A B C D

SA-1 A1B1C1D1 1(0.4) 1(40%) 1(0.2%) 1(2%)

SA-2 A1B2C2D2 1(0.4) 2(25%) 2(0.6%) 2(5%)

SA-3 A1B3C3D3 1(0.4) 3(10%) 3(1.0%) 3(8%)

SA-4 A2B1C2D3 2(0.6) 1(40%) 2(0.6%) 3(8%)

SA-5 A2B2C3D1 2(0.6) 2(25%) 3(1.0%) 1(2%)

SA-6 A2B3C1D2 2(0.6) 3(10%) 1(0.2%) 2(5%)

SA-7 A3B1C3D2 3(0.8) 1(40%) 3(1.0%) 2(5%)

SA-8 A3B2C1D3 3(0.8) 2(25%) 1(0.2%) 3(8%)

SA-9 A3B3C2D1 3(0.8) 3(10%) 2(0.6%) 1(2%)
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under tensile load is A > C = D > B, and the extreme difference of the three factors
of B, C and D in turn is 5.66, 7.55, 7.55% of the extreme difference of factor A. In
summary, the powder-latex ratio is the most important factor affecting the bearing
capacity and deformation performance of the joint sealant under the action of tensile
load, and the effect of this factor on the tensile properties of the joint sealant is
significantly higher than other three factors.

In order to ensure good flexibility of the joint sealant, it is prevented from
debonding with the wall of the joint due to excessive stress in the deformation.
According to the standard, the tensile modulus of the joint sealant must be less than
or equal to 0.4 MPa. According to Table 4, KA

1E\KA
2E\KA

3E. Combined with the
results of previous experiments and literature data, it can reasonably be speculated
that the tensile modulus of the joint sealant will increase at a range of 0.4–0.8 for

Table 4 Results of orthogonal experiment

Sample Orthogonal scheme Strength index Deformation
index

A B C D ft
(MPa)

Et

(MPa)
dt;b
(%)

et;p

SA-1 1 1 1 1 0.42 0.32 168.31 1.14

SA-2 1 2 2 2 0.39 0.27 205.48 1.14

SA-3 1 3 3 3 0.35 0.22 206.48 1.10

SA-4 2 1 2 3 0.41 0.43 152.20 0.90

SA-5 2 2 3 1 0.53 0.46 205.17 0.97

SA-6 2 3 1 2 0.48 0.41 165.84 0.96

SA-7 3 1 3 2 0.59 0.55 151.89 0.62

SA-8 3 2 1 3 0.46 0.46 159.31 0.61

SA-9 3 3 2 1 0.43 0.43 140.13 0.56

K1f 1.16 1.42 1.36 1.38 Extreme difference analysis of ft
K2f 1.42 1.38 1.23 1.46

K3f 1.48 1.26 1.47 1.22

Rf 0.11 0.05 0.08 0.08

K1E 0.81 1.30 1.19 1.21 Extreme difference analysis of Et

K2E 1.30 1.19 1.13 1.23

K3E 1.44 1.06 1.23 1.11

RE 0.21 0.08 0.03 0.04

K1d 580.27 472.40 493.46 513.61 Extreme difference analysis of dt;b
K2d 523.21 569.96 497.81 523.21

K3d 451.33 512.45 563.54 517.99

Rd 42.98 32.52 23.36 3.20

K1e 3.38 2.66 2.71 2.67 Extreme difference analysis of et;p
K2e 2.83 2.72 2.60 2.72

K3e 1.79 2.62 2.69 2.61

Re 0.53 0.03 0.04 0.04

930 N. Yang et al.



powder-latex ratio or increase first and then decrease at an inflection point of 0.6–
0.8. When the powder-latex ratio exceeds 0.6, the tensile modulus of test specimens
are all greater than 0.4 MPa, so the powder-latex ratio should be less than 0.6.

Because the number of levels selected by the orthogonal test is small while the
interval between each level is large, the influence law of each factor on the
mechanical properties of the joint sealant cannot be visually reflected. Therefore,
according to the results of the orthogonal test, this study further explored the
influence of the main influencing factor, powder-latex ratio, on the mechanical
properties of the joint sealant. The other three factors are no longer used as vari-
ables. The best performing level of each factor in the orthogonal test was selected
for the next phase of the study. The final cement-powder ratio is 25%, the volume
of dispersing agent is 1%, and the volume of coalescing agent is 5%.

4 Study on Effect of Powder-Latex Ratio on Mechanical
Properties of SCPJS

4.1 Experiment Plan

On the basis of the research in Sect. 2, the experimental range of the powder-latex
ratio was narrowed, encryption and refinement studies were conducted, and
single-factor tests were designed to study the influence of main factor on the tensile
properties and shear properties of the joint sealant. The raw materials for the tests
were the same as before. The specimens were prepared according to the schedule
shown in Table 5. Tensile tests and shear tests were performed after the curing was
completed.

Table 5 Design of single-factor experiment

Sample Powder-latex
ratio

Matching (g)
Latex Cement Talcum

powder
Dispersing
agent

Coalescing
agent

Defoaming
agent

FYB-1 0.55 100 13.75 41.25 1.55 0.78 5
FYB-2 0.50 100 12.50 37.50 1.50 0.75 5
FYB-3 0.45 100 11.25 33.75 1.45 0.73 5
FYB-4 0.40 100 10.00 30.00 1.40 0.70 5
FYB-5 0.35 100 8.75 26.25 1.35 0.68 5
FYB-6 0.30 100 7.50 22.50 1.30 0.65 5
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4.2 Results and Discussion

Analysis of Strength Indexes in Tensile and Shear Tests. Figure 5 shows the
trend of ft and Et of SCPJS with the powder-latex ration from left to right. From
Fig. 5, we can see that ft increases with the increase in the powder-latex ratio like an
arch. That is, as the ratio of powder to liquid increases, ft gradually increases, and
the growth rate gradually decreases. When the powder-latex ratio is 0.55, ft is
maximum, which is 29.16% higher than the powder-latex ratio of 0.30. The change
law of Et with powder-latex ratio is slightly different from the ft. When the
powder-latex ratio increases from 0.30 to 0.35, the rate of increase in Et is slow and
only increases by 9.59%. When the powder-latex ratio exceeds 0.35, Et increases
with the increase in the powder-latex ratio like an arch. When the powder-latex ratio
is 0.55, Et is maximum, which is 69.86% higher than the powder-latex ratio of 0.30.

Figure 6 shows the trend of fs and Es of SCPJS with the powder-latex ratio from
left to right. From Fig. 6, we can see that fs and Es increase with the increase in the

Fig. 5 The variation curve of fs and Es with powder-latex ratio

Fig. 6 The variation curve of fs and Es with powder-latex ratio
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powder-latex ratio like an arch. When the powder-latex ratio is 0.55, fs and Es are
maximum, which are 28.22 and 71.43% higher than the powder-latex ratio of 0.30
in turn.

With the increase in powder-latex ratio, the strength properties of SCPJS under
tensile load and shear load has been significantly enhanced. On the one hand, with
the increase in powder-latex ratio, the proportion of inorganic fillers increases, the
cement participating in the reaction in SCPJS increases, and the resulting hydration
products also increase accordingly, resulting the internal pore structure of SCPJS to
continuously fill, refine, and become dense under the cross-linking reaction and
interaction of polymer molecular chains with cement hydration products. On the
other hand, with the increase in powder-latex ratio, the problem of solvent and
dispersion of inorganic powder in the polymer emulsion gradually becomes
apparent, and the rate of increase in the strength properties of the joint sealant
gradually slows down.

Analysis of Deformation Indexes in Tensile and Shear Tests. Figure 7 shows the
trend of dt;b and et;p of SCPJS with the powder-latex ration from left to right. From
Fig. 7, it can be seen that dt;b slightly increases with the increase in powder-latex
ration and then decreases like an arch. When the powder-latex ration increases from
0.30 to 0.35, dt;b increases by 1.32%. After the powder-latex ration exceeds 0.35,
dt;b starts to decrease. When the powder-latex ratio is 0.55, dt;b is minimum, which
is 21.12% lower than the powder-latex ratio of 0.30.et;p decreases with the increase
in powder-latex ratio like a step shape. When the powder-latex ratio increases from
0.30 to 0.35, et;p decreases by 12.34%. When the powder-latex ratio increases from
0.35 to 0.40, et;p decreases by 1.49%, and the trend of change approximates the
platform segment. When the powder-latex ratio is increased from 0.40 to 0.45, et;p
decreases rapidly again by 10.17%. When the powder-latex ratio exceeds 0.45, et;p
decreases slowly with increasing powder-latex ratio. When the powder-latex ration
is 0.55, et;p is minimum, which is 25.40% lower than the powder-latex ratio of 0.30.

Figure 8 shows the trend of ds;b and es;p of SCPJS with the powder-latex ratio
from left to right. From Fig. 8, it can be seen that ds;b decreases with the increase in

Fig. 7 The variation curve of dt;b and et;p with powder-latex ratio
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powder-latex ratio like a step shape. When the powder-latex ratio increases from
0.30 to 0.40, ds;b decreases slowly by 9.54%. When the powder-latex ratio increases
from 0.40 to 0.45, ds;b decreases rapidly by 14.65%. When the powder-latex ratio is
more than 0.45, ds;b decreases slowly with the increase in powder-latex ratio. When
the powder-latex ration is 0.55, ds;b is minimum, which is 35.26% lower than the
powder-latex ratio of 0.30.es;p decreases in two stages with the increase in the ratio
of powder to liquid. When the powder-latex ratio increases from 0.30 to 0.35, es;p
decreases rapidly by 6.42%. When the powder-latex ratio is more than 0.35, es;p
decreases with the increase in powder-latex ratio like an arch shape. When the
powder-latex ration is 0.55, es;p is minimum, which is 29.88% lower than the
powder-latex ratio of 0.30.

With the increase in powder-latex ratio, the tensile and shear deformation
properties of SCPJS have declined to varying degrees. This is because as
powder-latex ratio increases, more cement hydration products are embedded in the
polymer film structure or cross-link with the polymer molecular chains and form a
continuous and complete network structure, which enhances the ability of the joint
sealant to resist deformation. The inorganic powder that has not participated in the
reaction and the cement hydration product that does not participate in the
cross-linking reaction are randomly dispersed in the material, hindering the free
stretching and displacement deformation of the polymer chain under external
forces.

4.3 Analysis of Microscopic Mechanism

The microcosmic morphology of different powder-latex ratio joint sealants is shown
in Fig. 9. From Fig. 9, it can be seen that with the increase in powder-latex ratio,
the internal porosity of SCPJS is significantly reduced, and the pore size is con-
tinuously refined. When the powder-latex ratio is 0.30 and 0.35, the internal pore
volume and pore size of the joint sealant are both comparatively large.

Fig. 8 The variation curve of ds;b and es;p with powder-latex ratio
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5 Conclusions and Recommendations

(1) When tensile strength, tensile modulus, tensile breaking elongation, and tensile
peak strain are selected as evaluation indexes, compared with factors such as
cement ratio, volume of dispersing agent and volume of coalescing agent, the
powder-latex ratio has the most significant effect on the tensile mechanical
properties of SCPJS.

(2) The powder-latex ratio has a significant effect on the tensile and shear
mechanical properties of SCPJS. When powder-latex ratio is in the range of
0.30–0.55, the tensile strength and tensile modulus of the joint sealant increase
with the increase in powder-latex ratio, and the tensile breaking elongation and
tensile peak strain of the joint sealant decrease with the increase in
powder-latex ratio. The shear strength and shear modulus of the joint sealant
increase with the increase in powder-latex ratio, and the shear breaking elon-
gation and shear peak strain of the joint sealant decrease with the increase in
powder-latex ratio.

(3) When the powder-latex ratio is 0.40, the mechanical properties of the sealant
are the best. The strength of the sealant under tensile load and shear load is
remarkably improved while its good deformation capacity is maintained.

(4) According to the observations of SEM, increasing powder-latex ratio can
effectively reduce the amount of pores in SCPJS and refine the pore size,
thereby increasing the density of the material, improving the microstructure,
and strengthening the mechanical properties.

Fig. 9 Effects of powder-emulsion ratio on microscopic appearance of SCPJS
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Study of the Influence of Undulating
Terrain in the Regional Wind Field
on a Freeway Bridge Section

Ying Jia, Peng Cheng and Chao-chao Han

Abstract Construction of the freeway affects the wind environment inevitably in
the area where it is located. Bridge section of freeway has different topography, and
the study of its influence in wind field changes has practical engineering signifi-
cance. Through numerical simulation and analysis, the paper studies the influence
of the height of the undulating terrain, the distance between undulating terrain and
the bridge, the location of the undulating terrain and other parameters in the wind
field on the bridge section of freeway and compares it with the regional wind field
under the flat terrain. Numerical results show that the low wind speed area and
vortex scale on the leeward side of the bridge increase with the ups and downs of
the terrain. It can thus cause some pollutant particles to deposit, which is unfa-
vorable to improving the local environment. Results of this study are intended to
provide theoretical support to the construction of green freeways and the
improvement of the freeway environment.

Keywords Freeway � Bridge � Undulating terrain � Wind field

1 Introduction

The rapid development of the freeway has driven the development of the region and
even the national economy, which has produced a huge social effect [1]. At the same
time, the construction of the freeway will inevitably affect the surrounding wind
environment. The freeway bridge section not only spans different terrains and plays
the role of interactive communication between regions, but also brings changes in
the regional wind field [2]. At present, the research in the wind field on the freeway
bridge section under undulating terrain conditions is not yet mature. Through
numerical simulation and analysis, the paper studies the influence of the height of the
undulating terrain, the distance between undulating terrain and the bridge, the
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location of the undulating terrain and other parameters in the wind field on the bridge
section of the freeway and compares it with the regional wind field under the flat
terrain. The results of this study are intended to provide theoretical support to the
construction of green freeways and the improvement of the freeway environment.

2 The Numerical Analysis Model

The entrance of the numerical wind tunnel is located on the left wall of the calcu-
lation domain and the speed inlet boundary conditions are selected. The direction of
the wind is horizontal to the right. The average wind profile for the index rate [3] is:

V zð Þ ¼ V10
z
10

� �a
ð1Þ

in which V10 is the reference speed at the height of 10 m and a is the roughness
category index corresponding to various topography.

Turbulence intensity boundary conditions at the inlet are described by turbulent
kinetic energy and turbulent dissipation rate [4, 5]. The turbulent kinetic energy and
turbulent dissipation rate of the two-equation turbulence physical model can be
given by the hypothesis of equivalent boundary layer:

kðzÞ ¼ 1:5½IðzÞ�uðzÞ�2 ð2Þ

eðzÞ ¼ C0:75
l kðzÞ1:5

l
ð3Þ

where Cl ¼ 0:09, and I(z) is the turbulence intensity profile at the inlet, which
should refer to the “Loading Codes for Building Structures”; �uðzÞ is the average
flow rate and l is the turbulent characteristic scale at the entrance.

Introduce the boundary conditions of fully developed outflow, i.e., the top and
side surfaces of the calculation domain are set to free slip surface. The non-sliding
wall surface is used on the surface and ground of freeways.

Then the cross-section of the main beam and pier size are designed according to
the “General Code for Design of Highway Bridges and Culverts” [6], in which four
lanes, bridge width of 30 m, main beam with 2 m-height, guardrail height of 0.5 m,
bridge calculation span of 30 m are used when the design speed is 100 km/h. Four
rectangular piers are arranged in each row of the support. The size of the piers is
1.5 m � 1.5 m � 7.5 m, and the pier spacing is 6.5 m.

Set the undulating terrain contour function [7, 8] to H½1þ cosðpr=2L1Þ�=2. H is
the height from the top of the slope to the ground, that is, the height of the
undulating terrain. The width of the undulating terrain varies 4L1 = 40 m. The
horizontal distance between the slope of undulating terrain and the same side fence
is S, and the height of the fence is H0 = 10 m.
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3 Influence of Windward Side Topographic Variation
in the Wind Field on the Bridge Section

3.1 Change of Wind Field When the Height of Undulating
Terrain Is Different

Set S = 5 m in the numerical simulation. The level of z = 7 m is 0.5 m below the
bottom of the bridge, and the contour of the wind speed is shown in Fig. 1.

As can be seen from Fig. 1, the airflow will separate and reattach when it
encounters the bridge convergence occurring near both sides of the pier and the
wind speed increases. The airflow passes through the bottom of the bridge and
forms a narrow, low wind speed zone near behind the pier. Some particles of
pollutants will deposit at a low wind speed area, which is detrimental to the
improvement of the environment. When the height of the undulating terrain is small

(a) Flat terrain

(b) H/H0=0.2 (c) H/H0=0.4

Fig. 1 Wind speed contour in the level of z = 7 m
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(H/H0 � 0.2), the change of the wind field in the bridge area is similar to that of
the flat terrain. As the height of the undulating terrain increases, the wind speed
gradient between the bridge and the undulating terrain increases, and the wind field
changes.

The level of z = 11 m is 1.5 m above the bridge deck. The contour of the wind
speed is shown in Fig. 2.

It can be obtained from Fig. 2 that when the airflow meets bridge and guardrail,
the separation occurs. A portion of the airflow circulates above the guardrail and
convergences when the flow comes to this location, resulting in an increase of wind
speed above guardrail in the windward side. The wind speed gradient behind the
guardrail is large.

 (a) Flat terrain

(b) H/H0=0.2  (c) H/H0=0.4

Fig. 2 Wind speed contour in the level of z = 11 m
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3.2 Change of Wind Field When the Distance Between
the Undulating Terrain and the Bridge Is Different

The wind speed isoline of the cross-section at the bridge support is shown in Fig. 3
when the distance between the undulating terrain and the bridge is 5 m and 10 m,
respectively.

It can be seen from Fig. 3 that in flat terrain, low wind speeds appear behind the
guardrails on both sides. When S = 5 m and S = 10 m, low wind speed area
appears only behind the lee side guardrail. At the bottom of the bridge, the area of
low wind speed is expanding with the increase of S. In the area between the
undulating terrain and the bridge, the wind speed gradient becomes smaller as
S increases. The change of S has little effect in the wind field above the bridge deck.

(a) Flat terrain

(b) S=5m                                                           (c) S=10m

Fig. 3 Wind speed contour at the cross-section of the support
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4 Influence of Lee Side Topographic Variation
in the Wind Field on the Bridge Section

Set the relief terrain on the lee side to the bridge S = 5 m in the numerical simu-
lation. The wind speed isoline of the cross-section at the bridge support is shown in
Fig. 4.

From Fig. 4, the results of numerical simulation show that the undulating terrain
on the lee side mainly affects the wind field above the bridge deck, an area within
10 m above the deck. When the height of the undulating terrain is large, the airflow
circulating along the bridge deck is affected by the lee side terrain, resulting in a
relatively lower wind speed near the deck, and a wind speed gradient area with
dense wind speed contours appearing above the deck. As the height of the undu-
lating terrain increases, the range of wind speed gradient regions expands.

The wind speed isoline of the cross-section at the bridge support is shown in
Fig. 5 when the distance between the undulating terrain and the bridge is 5 m and
10 m, respectively.

Figure 5 shows that with the increase of distance S between the undulating
terrain and bridge on the lee side, the range of the low-speed wake region at the rear
side of the main beam is enlarged. Near the bridge deck, the minimum wind speed
increases. The change of S has little effect in the windward wind field.

(a) Flat terrain (b) H/H0=0.6 

Fig. 4 Wind speed contour at the cross-section of the support
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5 Influence of Both Sides Topographic Variation
in the Wind Field on the Bridge Section

Assume one undulating terrain on each side, from the same side fence S = 5 m. The
wind speed isoline of the cross-section at the bridge support is shown in Fig. 6.

Figure 6 shows that when the two sides are undulating terrain, the speed gradient
increases in both sides of the bridge. The range of the low-speed zone on the lee
side of the bridge pier expands and the vortex scale increases. The wind speed
changes more gently above the bridge deck.

The wind speed change of z = 3 m is shown in Fig. 7 when the horizontal
distance between both sides terrain and the same side fence is 5 m and 10 m,
respectively.

(a) Flat terrain 

(b) S=5m                                                        (c) S=10m

Fig. 5 Wind speed contour at the cross-section of the support
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(a) Flat terrain                                                       (b) H/H0=0.6 

Fig. 6 Wind speed contour at the cross-section of the support

(a) Flat terrain 

(b) S=5m                                                           (c) S=10m 

Fig. 7 Wind speed contour in the level of z = 3 m
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A comparative analysis of Fig. 7 shows that the maximum wind speed at the
bottom of the bridge is 20 m/s due to no terrain obstacles when there is flat terrain.
When S = 5 m and S = 10 m, the maximum wind speed at the bottom of the bridge
is 16 m/s. Numerical analysis shows that the undulating terrain on both sides has a
greater impact in the wind field at the bottom of the bridge when S � 10 m.

6 Conclusions

The results of this study can be summarized as follows:

• The undulating terrain on the windward side and both sides has an impact in the
wind field of the entire region.

• The influence of undulating terrain on the lee side to the wind field mainly lies in
the area within 10 m above the bridge deck and the lee side of the bridge.

• As the height of the terrain increases, the range of the low-speed zone on the lee
side and around the bridge pier expands and the vortex scale increases.

• As the distance S between the undulating terrain and the bridge increases, the
range of the low-speed zone on the lee side of the bridge increases. Low-speed
areas and vortexes in the wind field are two obvious factors impeding the dif-
fusion of pollutant particles and will have an impact on the regional environment.

Acknowledgements Thanks to the support of the National Natural Science Foundation of China
(Grant 51778051).
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Parametric Study on Dynamic
Performance of Transition
Section of Steel Spring Floating
Slab Track

Shuwen Ren , Congcong Cui and Deyun Ding

Abstract The steel spring floating slab track (SSFST) has been adopted in lots of
track engineering due to good vibration isolation efficiency; however, how to rea-
sonably handle with the transition section of SSFST is still a big problem in the
design phase. In this paper, the influence of various parameters on the dynamic
performance of transition section of SSFST is researched. These parameters related
to the layout of steel spring, the stiffness of steel spring, neighboring track style and
the speed of passing train are considered as different factors including different level
values. Based on the theory of orthogonal experimental design, a parametric study is
performed by a series of three-dimensional finite element dynamic models, con-
sidering the moving loads of wheel set are directly applied on the railhead surface.
The displacement and acceleration of the rail and slab are obtained to analyze the
dynamic performance of the transition section of SSFST. The numerical results
could be regarded as a reference for the design of the transition section of SSFST.

Keywords Steel spring floating slab track � Transition section � Dynamic
performance � Orthogonal experiment � Finite element dynamic model

1 Introduction

With the rapid development of high-speed railway and urban rail transit in China,
the problem of vibration and noise becomes an increasingly prominent focus. When
the train passes, the vibration is transmitted to the foundation of building structures
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through the track structure. To a certain extent, vibration in sensitive areas will
affect the equipment, residents and historical buildings. In order to solve the
environmental vibration problem caused by trains, a large number of track struc-
tures are equipped with steel spring floating slab tracks (SSFST) and have a certain
damping effect. Since the SSFST was firstly used in 1965, it has been largely
applied in underground railway projects. Hitherto, it is more than 30 cities in China
to use SSFST to mitigate vibrations induced by metro trains.

According to field test, the damping effect of rubber damping pad on ballastless
track on bridge was studied [1]. Different proposals for the three parameters of
damping pad thickness, elastic modulus and vertical stiffness of fastener were put
forward [2]. Studies [3–7] have done relevant research on its dynamic performance.
A great amount of efforts have been made to study the dynamic characteristics of
SSFST. SSFST could isolate vibration level up to 15 decibels, and its eigenfre-
quency is usually less than 15 Hz. However, how to reasonably handle with the
transition section of SSFST is still a big problem in the design phase.

Based on the theory of orthogonal experiment, the dynamic model of
three-dimensional finite element is established. Dynamic displacement and accel-
eration of rail and floating slab under different parameters are obtained by dynamic
simulation of moving wheel load. The main factors affecting the dynamic perfor-
mance of the transition section are analyzed.

2 Project Outline

The length of floating slab is 25 m, the distance between fasteners is 0.625 m, the
distance between springs is 1.25 m, the reference load of vehicles is 16 tons, and
the moving load is 80 kN of single-wheel mass. The five main factors including the
additional spring setting, spring stiffness, adjacent track form (the track structure is
condensed into three types of vibration reduction measures including no vibration
reduction measures, medium vibration reduction measures and advanced vibration
reduction measures), train speed and floating slab thickness are considered in this
paper. Parameter settings for different transition sections are listed in Table 1.

Table 1 Parameter settings for different transition sections

Section type Parameter settings

Steel spring floating slab section Floating slab
thickness (m)

0.28 0.34 0.40

Fastener stiffness
(kN/mm)

35

Spring stiffness (kN/mm) 5.3 6.9 8.5

Additional spring settings Fig. 1a Fig. 1
b

Fig. 1
c

Non-steel spring floating slab section Fastener stiffness
(kN/mm)

10 25 40
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Additional spring settings of the floating slab track are shown in Fig. 1, and the red
circles indicate the additional steel springs.

3 Establishment of Finite Element Models

The ANSYS finite element software was used to simulate the models. The
SHELL163 element was used to simulate the floating slab, the BEAM188 element
was used to simulate the rails, and the COMBINE14 element was used to simulate
the fasteners. The finite element and related key points are shown in Fig. 2. The
nodes at the transition of the finite element model are selected for analysis. The key
point of the rail is G1, and the key point on the floating slab is F1. The modal
analysis of the finite element model is shown in Fig. 3. The vibration type is mainly
dominated by the vibration of the floating slab.

Fig. 1 Additional spring settings of the floating slab track

Fig. 2 Finite element model
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4 Orthogonal Test

The orthogonal experimental design is a highly efficient, rapid and economic
method usually used to study a multifactor and multilevel problem. The repre-
sentative tests are selected from many experiments, which greatly reduce the
number of samples. In this paper, according to the five factors of additional spring
setting, spring stiffness, adjacent track form, train speed and floating slab thickness,
the orthogonal table L1837 of seven factors and three levels is selected for analysis
in the orthogonal table. After the row is finished, the remaining unranked columns
are empty columns that can be used to make an error term. Table 2 lists a total of 18
combinations No. 1 through No. 18. These combinations also named samples are
performed by the three-dimensional finite element method.

4.1 Natural Frequency Analysis

To use ANSYS software, three-dimensional modal analysis of the floating slab
structure was performed. The natural frequencies of the track under different
parameters were obtained, and the influence of each parameter on the natural fre-
quency of the steel spring floating slab was analyzed. The natural frequency and the
relevant test number are shown in Table 3.

The relevant data were analyzed by the extreme difference method, as shown in
Fig. 4 to visualize the value. From the overall trend, we can see that the fastener
stiffness range is small and can be used as a secondary factor. In the study of
vibration reduction and noise reduction, it is not an important consideration. With
the increase in the natural frequency, the additional spring setting becomes an
important factor affecting the natural frequency. Therefore, it is preferable to change
the low-order frequency of the floating slab rail to adjust the floating slab thickness
and the stiffness of the spring. To change the high-order frequency of the floating
slab rail, the additional spring setting of the floating slab track is preferred.

Fig. 3 Part of the vibration shapes
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Table 2 Orthogonal design table

Test
no.

Factors

Floating slab
thickness (m)

Spring
stiffness
(kN/mm)

Additional spring
settings

Fastener
stiffness (kN/mm)

Speed
(km/h)

1 1 (0.28) 1 (5.3) 1 (Fig. 1a) 1 (10) 1 (40)

2 1 2 (6.9) 2 (Fig. 1b) 2 (25) 2 (60)

3 1 3 (8.5) 3 (Fig. 1c) 3 (40) 3 (80)

4 2 (0.34) 1 1 2 3

5 2 2 2 3 3

6 2 3 3 1 1

7 3 (0.4) 1 2 1 3

8 3 2 3 2 1

9 3 3 1 3 2

10 1 1 3 3 2

11 1 2 1 1 3

12 1 3 2 2 1

13 2 1 2 3 1

14 2 2 3 1 2

15 2 3 1 2 3

16 3 1 3 2 3

17 3 2 1 3 1

18 3 3 2 1 2

Table 3 Partial natural frequencies

Test no. Natural frequency (Hz)

Basic Third Fourth Sixth Tenth Fifteenth

1 10.328 32.353 46.673 76.598 92.692 114.25

2 12.215 33.997 47.874 77.796 116.25 143.94

3 13.144 34.329 48.197 77.883 118.86 143.74

4 9.6487 37.294 54.854 84.885 93.116 124.75

5 11.17 38.058 55.207 91.385 132.72 147.53

6 11.795 38.946 56.571 93.692 142.62 166.89

7 9.1102 42.583 63.025 105.63 137.93 151.01

8 10.401 43.116 63.673 107.11 166.98 172.81

9 11.271 43.258 63.477 84.892 105.54 128.51

10 9.5808 42.914 63.288 105.95 166.93 175.41

11 11.554 32.798 46.957 76.693 92.649 113.82

12 12.948 33.781 47.871 78.184 117.28 132.75

13 10.048 37.645 54.923 91.219 132.72 147.52

14 10.959 37.809 55.009 91.151 139.19 165.74

15 11.806 38.003 55.328 84.886 93.220 124.75

16 9.3980 42.851 63.498 107.01 165.85 172.77

17 10.300 42.949 63.268 84.892 105.46 128.41

18 11.027 43.038 63.364 105.83 137.94 151.14
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4.2 Dynamic Characteristics Analysis

Select the axle weight of the vehicle as 16 tons, that is, the single-wheel mass value
of the moving load is 80 kN. Consider the six-carriage loading on the finite element
model, and extract the nodes on the rail. The time-domain curves for slab accel-
eration (left) and rail vertical displacement (right) are shown in Fig. 5. Obviously,
the traces of the wheels passing through are clearly consistent with those of other
documents. The correctness of the model is verified. By loading different test
numbers, the dynamic response characteristics under different combinations are
shown in Table 4.

Through the range analysis of the position of the rail and the position of the
floating slab, the influence of different factors on the dynamic behavior of the system
is studied when the track of the spring floating slab is connected to different tracks,
and the measures taken in the transition are explored, as shown in Figs. 6 and 7.

Fig. 4 Extreme difference analysis
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Fig. 5 Slab acceleration (left) and rail vertical displacement (right)
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The results show that the speed of the train is the most important factor affecting the
value of the rail vibration acceleration when the vehicle passes through the transition
section. The influence of the thickness of the floating slab, the stiffness of the spring,
the additional spring setting and the stiffness of the fastener is weak. In the position
of the transition section of the rail, the factors that affect the value of the rail
displacement are more consistent, but the change of the spring stiffness has great
influence on the displacement and acceleration of the floating slab bed, and the
influence of the thickness of the floating slab, the stiffness of the fastener and the
running speed of the train is the second.

Table 4 Vibration response of different parts

Test no. Rail Floating slab

Displacement (m) Acceleration
(m/s2)

Displacement (m) Acceleration (m/s2)

1 0.00365 100.98 0.00324 4.92

2 0.00165 37.23 0.00107 3.52

3 0.00169 47.43 0.00165 3.79

4 0.00365 38.59 0.00345 3.00

5 0.02234 38.08 0.00214 3.00

6 0.00222 104.89 0.00188 2.42

7 0.00398 53.55 0.00373 4.48

8 0.00256 107.61 0.00207 2.87

9 0.00248 29.75 0.00239 2.31

10 0.00249 35.02 0.00246 2.87

11 0.00293 43.18 0.00283 3.29

12 0.00208 102.34 0.00181 2.67

13 0.00249 111.69 0.00248 2.78

14 0.00273 32.13 0.00241 2.56

15 0.00236 39.95 0.00253 3.09

16 0.00359 59.33 0.00257 4.24

17 0.00274 111.69 0.00263 2.76

18 0.00238 30.77 0.00232 2.58
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5 Conclusions

The following conclusions have been drawn from the above analysis:

(1) Additional spring setting becomes an important factor affecting the natural
frequency, compared with other factors including slab thickness, spring stiff-
ness and fastener stiffness.

(2) When the train passes through the transition section, running speed is the most
important factor affecting vibration acceleration on the rail; however, the
change of spring stiffness has a greater impact on the floating slab.

(a) Displacement analysis

(b) Acceleration analysis

Fig. 6 Extreme difference analysis at rail
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Vertical Vibration Propagation
in Periodic Frame Structures

Zhibao Cheng, Zhongyuan Huang and Zhifei Shi

Abstract In this work, the periodic structure theory is used to analyze the vertical
vibration properties in periodic frame structures. The simplified model of the
periodic unit cell is built, and governing equations for vertical vibration/waves
propagation in the infinite system are derived. With the help of the state space
transfer matrix method/SS-TMM, governing equations of the considered system are
solved, from which the dispersion curves are obtained and attenuation zones are
observed. Numerical simulations are conducted to investigate the dynamic property
of the finite periodic frame structure. It is found vertical vibrations are propagated in
frame structure selectively. This filtering effect could be used to isolate harmful
environmental vibrations.

Keywords Vertical vibration � Frame structure � Periodic structure theory

1 Introduction

With the rapid development of the urban rail traffic in China, the nettlesome
environmental vibration problem induced by rail traffic draws more and more
researcher’s attention. Over the past ten years, Prof. Shi’s and his co-workers in
Beijing Jiaotong University introduced the periodic structure theory in the field of
solid-state physics into the field of civil engineering and proposed various vibration
reduction methods, like the periodic pile, periodic isolation wall, periodic concrete
panel and so on [1–5]. Basically, almost all of these methods aim to isolate the
vibration propagation in the wave path [1].

Recently, using the periodic structure theory, Cheng et al. [6] conducted a
comprehensive theoretical and numerical study on the wave dispersion properties of
multi-story frame building structures. In that work, attentions were focused on the
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horizontal seismic vibrations. And, horizontal vibration propagation properties in
multi-story building structures were investigated. In this work, our attention will be
focused on the environmental vibrations in the vertical direction. Vertical vibration
propagation properties in the widely used multi-story frame structure will be
investigated.

It is obvious that frame structure can be viewed as a periodic system with its
standard floor arranged in vertical direction one-by-one. In Sect. 2, the theoretical
model of the periodic frame structure is built, and governing equations for vertical
vibration/waves propagation in the system are derived. In Sect. 3, with the help of
the state space transfer matrix method/SS-TMM, governing equations of the con-
sidered system are solved, from which the dispersion curves are obtained and
attenuation zones are observed. In Sect. 4, numerical simulations are conducted to
investigate the dynamic property of the finite periodic frame structure in the fre-
quency domain. It is found that geometrical periodicity endows the frame structure
a special filtering effect of the elastic vibrations/waves. With proper design, frame
structures could be used as an isolation system, which presents a new way to design
civil structures of special functions.

2 Theoretical Model

Consider vertical vibration propagating in an N-story reinforced concrete frame
building. For the reason of simplicity, reinforced concrete is taken as a homoge-
neous material, whose Young’s modulus, mass density and Poisson ratio are
2.5 � 1010 Pa, 2500 kg/m3 and 0.2, respectively. Figure 1 shows the dimensions
of the buildings. When the vertical vibration reaches the column-beam corner, parts
of the vibration energy are reflected, parts are absorbed by the floor slab, others
passed through.

Practically, vertical vibrations in different columns are independent, and the total
response of the floor is the sum of incoherent contributions from each column.
Here, from the reason of simplicity, it is assumed that the four columns are vibrated
in the same manner. And, the four columns will be theoretically simplified as an
equivalent homogeneous column. Governing equation for vertical vibration prop-
agating in the equivalent column can be given as

qA
@2uðz; tÞ

@t2
¼ @

@z
EA

@uðz; tÞ
@z

� �
ð1Þ

Here, uðz; tÞ is the displacement; q, E are the mass density and Young’s modulus of
the reinforced concrete, respectively; A is the sum of section area of the four
columns.

Further, the floor slab is replaced by using an equivalent mass-spring system. In
detail, the floor slab is simulated by using the thin plate theory. The thickness of the
floor slab is 0.1 m. Governing equation of the floor slab is
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Dr4wðx; y; tÞþm
@2wðx; y; tÞ

@t2
¼ �mIðx; yÞ€wgðtÞ ð2Þ

in which D ¼ Eh3= 12 1� v2ð Þð Þ is the bending stiffness of the floor slab; wðx; y; tÞ
is the deflection of the floor slab; m ¼ qh is the mass per unit area of the floor slab;
r ¼ ð@=@x; @=@yÞ; Iðx; yÞ ¼ 1; €wgðtÞ is the time history of the vertical excitation.

Simply supported boundary is used to simulate the dynamic performance of the
floor slab. Theoretically, the eigenfrequencies and the normal mode shape functions
of the simply supported plate can be given as

xijðx; yÞ ¼ p2
ffiffiffiffi
D
m

r
i
a

� �2

þ j
b

� �2
 !

ð3Þ

/ijðx; yÞ ¼ sin
ipx
a

� �
sin

jpy
b

� �
ð4Þ

Here, a and b are the two side lengths of the rectangular plate; i and j are two real
number.

And, the modal mass Mij and the modal stiffness Kij can be given

Mij ¼
ZZ

X
qh /ij

� �2
dX ¼ abm

4
ð5Þ

Kij ¼ Mij xij
� �2 ð6Þ

Floor-1
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Fig. 1 Vertical vibration
propagating in an N-story
reinforced concrete frame
building
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Table 1 gives the mode shapes corresponding to all eigenfrequencies below
100 Hz. Further, the mass Me

ij and stiffness Ke
ij of the equivalent single freedom

system can be obtained

Me
ij ¼

abm
4

4
ijp2

ðcos ip� 1Þðcos jp� 1Þ
� �2

ð7Þ

Ke
ij ¼ Me

ij xij
� �2 ð8Þ

And the mass participation coefficient feij can be obtained

feij ¼ Me
ij=M ð9Þ

3 Dispersion Calculations

The theoretical model of the considered nine-story reinforced concrete frame
building can be extended to infinite periodic system, as shown in Fig. 2a.
Dispersion property of the longitudinal wave propagating in the infinite periodic
system is considered. Governing equation of the considered system is given in
Eq. (1). Introducing the state variable Y ¼ fu; rgT, the governing equation Eq. (1)
can be written as

dY
dz

¼ AY: ð10Þ

Here, A is the state matrix of the system, which is

A ¼
1
EA�qAx2

� �
: ð11Þ

Therefore, the solution of Eq. (10) can be given as

YðzÞ ¼ eAðxÞzYð0Þ: ð12Þ

Figure 2b shows the typical unit cell of the infinite periodic system. Considering
the two half unit cells, the relationship between Yð0Þ and Yðh=2Þ is

Yðh=2Þ ¼ T1Yð0Þ: ð13Þ

in which T1 ¼ eAðxÞh=2.
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At the corner between the two half unit cells, the equilibrium equations and the
compatibility conditions are

YBþ ¼ T2YB�: ð14Þ

Here,

T2 ¼ 1 0
k
A 1� k

k�mx2

� �
1

� �
: ð15Þ

Coupling Eqs. (13) and (14), the relationship between the state variable at the
bottom of the unit cell and the state variable at the top of the unit cell can be
obtained

YðhÞ ¼ T1T2T1Yð0Þ: ð16Þ

According to the Bloch-Floquet theorem, the solution of the considered system
can be given

Yðz; tÞ ¼ YkðzÞeiðKz�xtÞ: ð17Þ

in which K is the wave number; YkðzÞ is a modulation function, which is a periodic
function with the same periodicity as the unit cell. Therefore, we have

Yðzþ h; tÞ ¼ eiKhYðz; tÞ: ð18Þ

Considering Eqs. (16) and (18), the dispersion equation of the present system
can be given
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(a) (b) (c)Fig. 2 a The extended
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det TðxÞ � eiKh
� � ¼ 0: ð19Þ

For a given wavenumber, the frequency parameter can be obtained by solving
the dispersion equation. And, varying the wave number in the first Brillouin zone,
dispersion curves of the present system can be obtained. Figure 3 shows the dis-
persion curves of the extended infinite periodic system. As listed in Table 1, the
three eigenfrequencies with feij 6¼ 0 are considered. Around these three eigenfre-
quencies, three local resonant attenuation zones, (AZ): AZ-1 (8.13,10.53) Hz, AZ-2
(40.65, 43.52) and AZ-3 (73.17, 73.47) Hz, are opened, which means vibrations in
these frequencies cannot propagate in the system.

(a) (b)

(c)

Fig. 3 Dispersion curves of the considered system with the eigenfrequency of the equivalent
oscillator equaling to a the first eigenfrequency, b second eigenfrequency and c third
eigenfrequency of the floor plate
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4 Numerical Simulations

Dispersion relation indicates the dynamic property of the infinite periodic structure
systems. In actual applications, all civil structures are finite. Therefore, numerical
simulations will be conducted here to validate the efficiency of the periodic
structure theory and to study the vertical vibration propagation property of the
periodic frame structures.

Here, a nine-story frame structure mentioned above is considered. As shown in
Fig. 4a, a numerical model is built by using the commercial software ANSYS. In
detail, columns and floor plates are simulated by using BEAM 189 Element and
PLATE 63 Element, respectively. Harmonic analysis is conducted to investigate the
dynamic property of the nine-story frame structure in the frequency domain. In
detail, harmonic displacement inputs in the vertical direction with unit amplitude
but different frequencies are added to nodes at the bottom of the structure. The
displacements in the other directions for nodes at the bottom of the structures are
fixed. The steady-state responses for all nodes are calculated. The filtering effect of
the periodic frame structure can be characterized by the displacement frequency
response function (FRF)

FRF ¼ 20 lg
ui
u0

� �
ð20Þ
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Fig. 4 a Numerical model built by ANSYS software, b displacement frequency response function
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in which ui is displacement amplitude at the top of the frame structure; u0 ¼ 1 is the
displacement amplitude of the input. One may find that a negative FRF indicates
that the response at the top of the frame structure is less than the excitation. The
frequency regions with negative FRFs will correspond to the region of the atten-
uation zone.

Figure 4b shows the displacement frequency response function curves, in which
vibrations in (0, 100) Hz with an interval of 0.1 Hz are considered. For the reason
of comparison, a horizontal dash line corresponding to FRF = 0 is added in the
figure. It is obvious that the displacement response function is smaller than zero in
some frequency regions, while in other frequency regions it is larger than zero.
Interestingly, these frequency regions with negative FRF match well with the
attenuation zone, indicated by the gray background, in the dispersion curve.
Therefore, the filtering effect of the frame structure is proved.

Further, dynamic responses of the upper structure under different vibrations are
considered. As shown in Fig. 5, six cases are considered. For the first three cases,
the frequency of the excitation falls in the attenuation zones; for the second three
cases, the frequency of the excitation falls out of the attenuation zone. It is obvious
that, when the frequency of the vertical vibration falls in the attenuation zone,
vibrations are attenuated with propagation. At the roof, the amplitudes of the dis-
placement responses are very small. In contrast, when the frequency of the vertical
vibration falls out of the attenuation zone, vibrations are enlarged with propagation.
At the roof, the amplitudes of the displacement responses are very large.

f=8.2Hz f=41Hz f=73.18Hz f=5Hz f=30Hz f=86Hz

(a) (b) (c) (d) (e) (f)

Fig. 5 Displacement responses of the frame structure under different vibrations
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5 Conclusions

Geometrical periodicity endows frame structure novel dynamic dispersion proper-
ties. In this work, using the periodic structure theory, vertical vibration propagation
properties in frame structures are investigated. Some conclusions can be obtained:

1. Based on reasonable assumptions, a theoretical model for vertical waves/
vibration propagating in the frame structure is developed. The columns are
simplified as an equivalent homogeneous beam, and the floor plate is simplified
as an equivalent mass-spring system. Therefore, the periodic frame structure is
simplified as a local resonant periodic structure. Dispersion equation of the
simplified system is solved by developing the state space transfer matrix
method.

2. Corresponding to the three eigenfrequencies <100 Hz, dispersion curves of
vertical waves/vibrations propagating in the periodic frame structure are
obtained. Three local resonant frequency band gaps around the three certain
eigenfrequencies of the floor plate are observed.

3. Using the commercial software ANSYS, a nine-story frame structure is built.
Harmonic analysis results show that when the frequency of the excitation falls in
the attenuation zone, vertical waves/vibrations cannot propagate in the frame
structure; however, when the frequency of the excitation falls out of the atten-
uation zone, vertical waves/vibrations can propagate in the frame structure
freely. As using this special filtering effect, frame structure could be used to
optimized by engineers to isolate the harmful environmental vibrations.
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Recent Developments of Long-Span
Highway Bridges in China

Bin Yan and Jie Huang

Abstract From the Industrial Revolution, the evolution of bridge engineering has
undergone more than two centuries. The development of long-span highway
bridges depends on social need, design competition, structural theory, construction
material and technology, etc. In the past two decades, China has become the world
center of the infrastructure construction and many record-breaking bridges have
been built. This paper presents a brief technical review about those significant
long-span bridges in China during the past decade. The structural types in this
review included arch, cable-stayed and suspension bridge. In addition, several
recent completed fixed links in China were introduced. Main features are presented
in three catalogs: (1) structural dimension; (2) key design feature; and (3)
construction method. This review shows the recent achievements in design and
construction of long-span bridges to provide a reference for new bridge design and
construction in the twenty-first centuries.

Keywords Bridges � Roads and highways � Research and development � Reviews

1 Introduction

Long-span bridge often refers to a bridge with a large single span, generally more
than 300 m. Typical structural types contain arch, cable-stayed and suspension. By
reviewing the bridge history, it can be seen that one of the major factors leading to
the construction of long-span bridges is the social need to carry a variety of
transport form for spanning large physical barrier [1]. The birth of the modern
long-span bridge was first driven by the rail transport in the late eighteenth century.
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Several record-breaking spans in the late nineteenth century was built due to the
born of auto industry. In the 1990s, the constructions of several major fixed links
had a strong impact on the development of long-span bridges. The success of those
long-span bridges depended on the advanced structural theory, the use of advanced
material and construction technology and the creativity of master builders.

In the past two decades, the expansion of highway and railway networks in
China provided a great opportunity to build long-span bridges. The experience
learned from the developed countries played a key role during the design and
construction of bridges. China has become a global center of infrastructure con-
struction where many record-breaking bridges have been built. Among completed
bridges for each type, the longest main span in China has reached 552 m for arch
(Chaotianmen Bridge), 1080 m for cable-stayed (Sutong Bridge) and 1650 m for
suspension bridge (Xihoumen Bridge). A review made by Tang and Xiang [2]
introduced several significant completed projects before the year of 2005. Tang [3]
also presented a brief overview about the bridge design experience of T. Y. Lin
International in China. Feng [4] reviewed the history of the bridge construction in
China. Ge and Xiang [5] introduced the aerodynamic feature of long-span bridges
in China. Thus, this paper will mainly report the completed major long-span
highway bridges in past decade from structural design perspective. The discussions
of these bridges are divided into three main categories: arch, cable-stayed and
suspension bridge. After a brief historical review on each type, several significant
designs are reported on (1) structural dimensions; (2) key technical innovation; and
(3) construction method. The objective of this paper is to recap the recent
achievements such that it will provide a reference for new bridge design and
construction in the twenty-first century.

2 Suspension Bridge

The construction of modern suspension bridges in China started in the 1990s, but
the development of this form is very fast. The first suspension bridge is the Shantou
Bay Bridge built in 1995 with a main span of 452 m. The Xiling Bridge over the
Yangtze River completed in 1996 has a main span of 900 m. A similar span that
opened to traffic in Guangdong province was the Humen Bridge with a main span
of 888 m. Two years after, the construction of the Jiangyin Bridge in 1999
increased the main span to 1385 m. Completed in 2005, the Runyang Bridge broke
the longest record with a main span of 1490 m [6]. The recently completed
suspension bridges are summarized in Table 1. In this section, the technical aspects
of suspension bridges will be featured by four brief case studies, including a
self-anchored suspension bridge, a single-span suspension bridge, a four-span
suspension bridge with three towers and a suspension bridge in the mountain
region.
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2.1 Sanchaji Bridge

The construction of modern self-anchored is relatively rare, which just started from
the completion of the Konohana Bridge in 1990 [7]. The Sanchaji Bridge (Fig. 1a)
over the Xiangjiang River is a self-anchored suspension for carrying six-lane auto
traffic with a main span of 328 m. It was the longest span of self-anchored sus-
pension bridge in China when it was completed in 2006. Main features of this
bridge include (a) a five-span continuous girder with a total of 732 m was designed
as stiffened girder to eliminate significant uplift force created by the anchoring of
main cable; (b) streamlined steel box stiffened girder was adopted to resist lateral
force from wind; and (c) concrete tie beam between the tower columns was
designed as prestressed member. Key construction features are: (a) the incremental
launching method was adopted to install the steel box girder with 81 segments
before the erection of the main cable; (b) the steel girder was lifted during instal-
lation of the hangers and then back to the position such that the hangers are in a
zero-stress state; and (c) a large number of concrete blocks were placed on the side
span of the girder in order to improve the stability during anchoring the main cables
to the girder. Detailed features can be found in the paper by Dai et al. [8].

2.2 Xihoumen Bridge

Several long-span suspension bridges are built with the main span more than 1 km
in past five years, including the Yangluo Bridge (1280 m, 2007, Fig. 1b), the
Huangpu Bridge (1108 m, 2008, Fig. 1c) and the Nanjing No. 4 Bridge (1418 m,
2012, Fig. 1d). A significant example is the Xihoumen Bridge with a main span of
1650 m (Fig. 1e), which is one of the five long-span bridges in the Zhoushan
Islands link project. The bridge opened to traffic in 2010 to carry four-lane highway
with a design speed of 80 km/h. Key design features [9] are: (1) twin steel box
stiffened girder linked by 6-m-long tie beam was chosen for the suspension bridge
for the first time in China; (2) high wire strength of 1770 MPa is used for main
cable such that the cable weight can be reduced. A total of 169 prefabricated
parallel-wire strands (1275.25-mm-diameter wires per strand) were used in one
main cable; (3) The gravity anchor adopted in the north span and the main cable on
the south side are anchored on the rock; (4) reinforced concrete frame tower is
designed with prestressed concrete hollow tie beams; (5) suspenders are installed in
the main span and north-side span, while the south-side span is supported by the
piers without additional suspenders. For the construction, the Xihoumen Bridge
followed the traditional method, starting with main cables on the catwalk and then
hanging the stiffened girder under the suspenders. The aerodynamics of the
catwalks and stiffened girder of this bridge was verified by the wind tunnel test.

972 B. Yan and J. Huang



2.3 Taizhou Bridge

The construction of four-span suspension bridge with three towers is of increasing
interest in China in the past few years. For instance, the Taizhou Bridge (Fig. 1f)
over the Yangtze River has a span arrangement of (390 + 1080 + 1080 + 390) m
to support six-lane 100 km/h expressway, which is the first long-span suspension
bridge with three towers in China. The three towers are chosen because the towers
can be built right on the unique geotechnical shape of the riverbed such that the
disruption of the channel transport can be minimized. The main design features [10]
are: (1) middle steel tower is designed as inverted Y-shaped and 20 m higher than
two side towers to improve the longitudinal stiffness and (2) elastic constraints were
added between the main tower and the stiffened girder such that it can increase the
sliding-resistant safety factor between the saddles and main cables. The construc-
tion followed the traditional method: the lifting of the main stiffened girder started
from the tower to the middle span, which is synchronized at three towers. Similar
suspension bridges are also under constructions, such as the Yingwuzhou Bridge
and the Ma’anshan Bridge (Fig. 1g).

Fig. 1 Recently completed and ongoing large-span suspension bridges in China
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2.4 Aizhai Bridge

During the development of the national highway network in China, long-span
bridges are always needed to be built over the valleys and rivers in the mountain
area. Given the different geomorphic conditions, suspension bridge sometimes is
easier to build than the arch bridges. Cases on long-span suspension bridges built in
the mountainous region of China, for example, are the Balinghe Bridge (900 m,
Fig. 1h), the Sidu Bridge (1088 m) and the Aizhai Bridge (1176 m). The Aizhai
Bridge (Fig. 1i) supported four-lane highway, being 330 m between the bridge
deck and the ground below. A total of 169 prefabricated parallel-wire strands
(1275.25-mm-diameter wires per strand) were used in one main cable. Sixty-nine
hangers are fixed to each main cable with a spacing of 14.5 m. Design features [11]
included: (1) given that bridge and tunnel are linked together, main tower on one
side is built above the exit of the tunnel; (2) in sections underneath the main cable
without hangers, three pairs of carbon fiber-reinforced polymer (CFRP) cables are
used. These CFRP cables are attached to the main cable on one side and anchored
to the ground on the other side; (3) according to the wind tunnel tests, two
wind-resistant stabilizer steel plates are attached to the stiffened truss girder along
the longitudinal direction. The upper plate with a height of 0.86 m is installed on
the collision-resistant rail, while the lower plate is connected to the main truss with
a height of 1 m. The difficult part during the construction is the installation of the
stiffened truss girder. A longitudinal flexible rail system is proposed underneath the
hangers, which are anchored on both sides. Each truss segment was slipped from
the side span to the desired position. This method not only saved about 4000 tons
of steel, but also reduced the installation time from one year to only three months.

3 Cable-Stayed Bridge

The first cable-stayed bridge built in China was the Dagu Bridge in 1975 with a
main span of 75.84 m [8]. Later in 1982, the Jinan Yellow River Bridge opened to
traffic as the first cable-stayed bridge with a main span more than 200 m. In the
early 1990s, a series of cable-stayed bridges were completed over the Huangpu
River in Shanghai, including the Nanpu Bridge (423 m, 1991), the Yangpu Bridge
(602 m, 1993) and the Xupu Bridge (590 m, 1997) [12]. After 2000, China became
the most active country in the world for the construction of cable-stayed bridges.
For instance, the Dongting Lake Bridge built in 2000 is a continuous, four-span
cable-stayed bridge supported by three main towers. In the same year, the com-
pletion of the Baishazhou Bridge moved the main span record to 618 m. Shortly
after, two remarkable designs were built over the Yangtze River: the Nanjing
No. 2 Bridge (628 m, 2001) and the Nanjing No. 3 Bridge (648 m, 2005). It is
worth to note that the Nanjing No. 3 Bridge was the first cable-stayed bridge to use
whole steel structure for the tower in China. Recent featured projects with diverse
structural types and increased spans are summarized in Table 2.

974 B. Yan and J. Huang



T
ab

le
2

T
ec
hn

ic
al

fe
at
ur
es

of
re
ce
nt
ly

co
m
pl
et
ed

ca
bl
e-
st
ay
ed

br
id
ge
s
in

C
hi
na

B
ri
dg

e
na
m
e

B
ui
lt

C
ro
ss

L
oc
at
io
n

M
ai
n
sp
an

(m
)

T
ow

er
he
ig
ht

(m
)

D
ec
k

w
id
th

(m
)

D
ec
k

he
ig
ht

(m
)

Su
to
ng

20
08

T
he

Y
an
gt
ze

R
iv
er

N
an
to
ng

/
Su

zh
ou

2
�

10
0
+
30

0
+
10

88
+
30

0
+
2
�

10
0

30
0.
4

35
4

M
in
pu

20
09

T
he

H
ua
ng
pu

R
iv
er

Sh
an
gh
ai

4
�

63
+
70

8
+
4
�

63
21

0
43

.8
11

.5

St
on

e
cu
tte
rs

20
09

R
am

bl
er

ch
an
ne
l

H
on

g
K
on

g
28

9
+
10

80
+
28

9
29

8
53

.3
3.
2

Ji
nt
an
g

20
09

H
ui
bi
ey
an
g
se
a

N
in
gb

o
77

+
21

8
+
62

0
+
21

8
+
77

21
0

26
3.
4

E
’d
on

g
20

10
T
he

Y
an
gt
ze

R
iv
er

H
ua
ng
sh
i

3
�

67
.5

+
72

.5
+
92

6
+
72

.5
+
3
�

67
.5

23
6.
5/
24

2.
5

38
3.
8

Ji
ng

yu
e

20
10

T
he

Y
an
gt
ze

R
iv
er

Ji
an
yu

e/
Y
ue
ya
ng

10
0
+
29

8
+
81

6
+
80

+
2
�

75
22

4.
5/
26

7
38

.5
3.
8

E
r’
Q
i

20
11

T
he

Y
an
gt
ze

R
iv
er

W
uh
an

90
+
16

0
+
2
�

61
6
+
16

0
+
90

20
5

26
3.
5

X
ia
ng

sh
an

po
rt

20
12

X
ia
ng
sh
an

po
rt

N
in
gb

o
82

+
26

2
+
68

8
+
26

2
+
82

22
5.
5

25
.5

3.
5

D
on

gs
hu

i
m
en

20
13

T
he

Y
an
gt
ze

R
iv
er

C
ho
ng

qi
ng

22
2.
5
+
44

5
+
19

0.
5

16
2/
17
2

21
12

Ji
uj
ia
ng

N
o.

2
20

13
T
he

Y
an
gt
ze

R
iv
er

Ji
uj
ia
ng

70
+
75

+
84

+
81

8
+
23

3.
5
+
12

4.
5

23
0.
8/
24

2.
3

38
.9

3.
6

Y
on

gc
hu
an

Y
an
gt
ze

R
iv
er

20
14

T
he

Y
an
gt
ze

R
iv
er

C
ho
ng

qi
ng

64
+
2
�

68
+
60

8
+
2
�

68
+
64

19
6.
7/
20

7.
4

37
.6

3.
5

Ji
an
gs
hu
n

20
15

T
he

X
iji
an
g

R
iv
er

Ji
an
gm

en
g

60
+
17

6
+
70

0
+
17

6
+
60

18
6

39
3.
5

Y
ac
hi

R
iv
er

20
16

T
he

Y
ac
hi

R
iv
er

Q
ia
nx
i

2
�

72
+
76

+
80

0
+
76

+
2
�

72
24

3.
2/
25

8.
2

28
7

B
ei
pa
n
R
iv
er

20
16

B
ei
pa
n
va
lle
y

X
ua
nw

ei
80

+
2
�

88
+
72

0
+
2
�

88
+
80

26
9/
24
7

24
.5

8

Y
an
gs
ig
an
g
Y
an
gt
ze

R
iv
er

20
19

T
he

Y
an
gt
ze

R
iv
er

W
uh
an

46
5
+
17

00
+
46

5
24

3.
9

32
.5

10

Recent Developments of Long-Span Highway Bridges in China 975



3.1 Sutong Bridge

The Sutong Bridge (Fig. 2a) with a main span of 1088 m was a milestone project in
the construction history of China. Four world records were broken when this bridge
opened to traffic in 2008. It has the longest main span and the highest tower. (Both
of these records are lost to the Russky Bridge in 2012.) The longest cable is 577 m
and the deepest drilled pile is about 120 m. Even more, several design features
include: (1) viscous dampers were installed between the main tower and girder to
control the large displacement of the main girder; (2) large-scale pile groups were
adopted to improve the seismic and vehicle collision resistance of the foundation;
and (3) anchorage zone of cable was designed with steel anchor boxes at the upper
part of the tower [13]. Moreover, main construction techniques included: (1) inte-
grated large-scale foundation for the long pile group; (2) new lifting system was
designed to eliminate the large deformation during the erection of the wide deck;
(3) scour protection was developed for the cap and pile group; and (4) automatic
hydraulic climbing system was used in 68 sections during the construction of the
main tower, which has a climb speed of 1.5 m per day and can resist a wind speed
of 70 m/s.

Fig. 2 Recently completed and ongoing large-span cable-stayed bridges in China
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3.2 Stonecutters Bridge

The Stonecutters Bridge built in 2009 in Hong Kong is another long-span cable-
stayed bridge built after the Sutong Bridge with a main span more than 1 km. Two
long-span cable-stayed bridges were built before 2000 in Hong Kong, including
Kap Shui Mun Bridge with a main span of 430 m in 1997 and Ting Kau Bridge
with two main spans of 448 and 475 m in 1998 [14]. This bridge contains a main
span of 1018 m and two side spans of 289 m for anchoring (79.75 m + 2 �
70 m + 69.25 m). The main tower consists of a unique 298 m single column with a
full concrete part 175 m from the ground, a steel–concrete composite part from 175
to 293 m from the ground and a 5-m-long maintenance facility on the top. A total of
224 cables with a fan arrangement were anchored on the main girder with a total
weight of 7000 tons, where the longest stay cable is about 540 m. To achieve a
better aerodynamic performance, the main girder consists of two separated
streamline steel boxes linked by cross-beams with a total width of 53.3 m. The
construction of the tower is cast by an automatic hydraulic climbing system. The
outer stainless-steel skins were lifted by the cranes and then installed to specific
locations. The girders on the side span were prefabricated and lifted on-site, while
the girders on the main span were shipped to the location and lifted by the auxiliary
parallel-wire cables. Each segment in the main span has an approximate weight of
500 tons, but the construction of each segment had to be finished in eight hours in
order to reduce the disruption on the channel transport. Thus, a dynamic positioning
system was installed on the self-propelled barge such that the lifting location could
be tracked very quickly. The construction of the Stonecutters Bridge supported a
six-lane freeway and presented a new landmark in Hong Kong.

3.3 Minpu Bridge

The Minpu Bridge (Fig. 2c) opened to traffic in 2009 in Shanghai has a main span
of 708 m for carrying two-level traffic. The upper deck with 43.8 m width carried
eight lanes, and the lower deck with 28 m width carried six lanes of highway traffic.
The main girder is a hybrid system with orthotropic deck–steel truss in the main
span and concrete deck–steel truss in the side span. The main concrete towers are
H-shaped with a height of 210 m. Based on the numerical studies and the wind
tunnel test, the cross section of the tower is chosen with a pentagon shape [12].
A total of 176 cables are arranged in a fan-shaped double plane. The construction
method is: (1) main girder at the side span was built simultaneously with the main
tower; (2) steel truss at the side span was prefabricated and lifted to position, while
the steel truss in the main span was shipped to the site and lifted for installation; and
(3) large segments of concrete deck at the side span are cast in site.

Recent Developments of Long-Span Highway Bridges in China 977



3.4 E’dong Bridge

The E’dong Bridge (Fig. 2d) opened to support six-line traffic in 2010 is a
long-span cable-stayed bridge across the Yangtze River with hybrid main girder
[15]. The steel box girder is 901 m long in the main span, while the concrete box
girder with a length of 287.5 m is used on two side spans. A special connection
section with concrete filled in the steel box was designed to transfer the com-
pression and shear load. The two towers carried the main girder with 30 pairs of
stay cables. A steel anchoring box was designed to reduce the stress concentration
on the tower. Corrosion protection was designed at the anchoring zone of the cable
to improve the durability of the main girder. The full-scale health monitoring
system was installed on the bridge to monitor the structural behavior. The incre-
mental launching method was adopted for the erection of the main girder. The
Jingyue Bridge (Fig. 2e), another long-span cable-stayed bridge across the Yangtze
River, followed the similar design philosophy with a main span of 816 m.

3.5 Er’Qi Bridge

The Er’Qi Bridge (Fig. 2f) was built in 2011 for supporting six-lane traffic across
the Yangtze River in the city of Wuhan. Before the construction of the Er’Qi
Bridge, downtown Wuhan already has six long-span bridges over the Yangtze
River [16]. Most of existing bridges are cable-stayed with two main towers. Thus,
the Er’Qi Bridge was designed with three 219.5 m main towers and two 616 m
main spans. The main girder has a steel–concrete composite structure for the main
span and a concrete structure for the side span. The large-scale concrete cap was
cast only once to improve the quality of the structure. The main tower was cast by
the hydraulic climbing system as 6 m per segment, which significantly reduces the
construction time. The cast-in-place construction method was adopted for the side
span girder, while the cantilever method was used for the main span girder.

3.6 Bridge of Recently Built

Many long-span bridges across the Yangtze River are recently completed and
opened to traffic in 2013, such as the Fengdu No. 2 Bridge, the Wanzhou
No. 3 Bridge and the Chibi Bridge. Figure 2h presents the Dongshuimen Bridge, a
dual use for metro and auto in the city of Chongqing. The steel truss girder sup-
ported two metro lines with a design speed of 60 km per hour and four-line free-
ways on the upper level. Figure 2i illustrates the erection of the main tower of
Jiujiang No. 2 Bridge, another large-span bridge with a main span of 818 m.
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4 Arch Bridge

China has a long history of building arch bridges since the Anji Bridge (also known
as the Zhaozhou Bridge) which was built more than 1400 years ago. The first
remarkable modern long-span arch bridge in China was the Wanxian Yangtze River
Bridge in Chongqing, which was built in 1997 with a main span of 420 m [17].
After 2000, a series of steel/concrete arch bridges were built, such as the Wushan
Yangtze River Bridge with a main span of 460 m. A full summary of the arch
bridge with steel–concrete tube rib can be found in the review paper by Chen and
Wang [18]. As for the whole steel arch, the Lupu Bridge completed in 2003 has a
main span of 550 m. Several recently completed arch bridges are summarized in
Table 3.

4.1 Xingguang Construction

The Xingguang Bridge built in Guangzhou in 2006 is a classic example of tied arch
bridge with a three-span continuous concrete deck for supporting six-lane traffic, as
shown in Fig. 3a. The rise to span ratio of the main span is 1/4. The spacing
between two arch ribs is 28.1 m. The foundation of the main span is an integrated
cap with drilled piles. The main innovative structural feature is the design of the
composite system with steel tied arch and concrete rigid frame. The triangle type of
concrete rigid frame has a 37.2-m-high and 102-m-long tie beam on the top
part. The consumed concrete for each frame is 5700 m3. The construction process
started with main pier foundation, followed by the triangle rigid frame, side span
arch and main span arch, which completed in two years and five months. The
unsealed bottom of the large steel caisson was proposed. Arch ribs in the side span
were assembled and then lifted to position. In order to minimize the disruptions in
transportation, the segments of the arch rib in main span are floated into place and
lifted by auxiliary pier beside the bridge. The construction of this bridge is a
remarkable addition to the bridge group of the Pearl River.

4.2 Caiyuanba Construction

The Caiyuanba Bridge (Fig. 3b) in Chongqing is another recently built arch bridge
with a composite system of rigid frame and tied steel arch [19]. The Caiyuanba
Bridge is the first long-span arch bridge in downtown Chongqing, which is a new
member in the “The City of Bridges” in China. The bridge has a total length of
1866 m over the Yangtze River to carry six-lane auto traffic and metro. The 420 m
main span consists part of the Y-shaped concrete frame and a 320 m box steel
basket-handle tied arch. The main steel truss girder is 11.2 m wide with two levels,
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where the upper level is used for auto and lower level is used for metro lines. The
girder system contains the truss and orthotropic deck to carry the live load. The
main construction is featured by (1) the use of segmented cantilever method in
the Y-shape pier due to the huge volume concrete [20]; (2) the use of an innovative
auxiliary tower and the cable system to lift the main arch; (3) the use of
51-segment-prefabricated steel truss girder for main girder, 16 m long and 11.2 m
wide per segment; and (4) the use of large-scale intelligent active control system on
main structure.

4.3 Taipinghu Construction

The Taipinghu Bridge (Fig. 3c) built in the Huangshan district of Anhui is an
example of half-through basket-handle arch bridge, which currently has the longest
main span among similar structural types in China [21]. This bridge is part of the
Tongling-Tangkou highway for supporting four-lane traffic with a design speed of
80 km/h. The rise-to-span ratio is l/4.94. The arch ribs have a tubular-truss com-
posite system with varied height cross section filled with micro-expansion concrete.
Two arch ribs are inclined inward about 10.008°. The cross section of arch rib
contains four tubes linked by chords with a total width of 3 m. Each tube has a
diameter of 1.28 m with wall thickness from 20 mm at the crown to 24 mm at the
spring line. The spacing of the hangers is 8 m. The arch ribs are lifted by the cable
hoisting system on two auxiliary towers with heights of 98 and 108 m. Due to the

Fig. 3 Recently completed large-span arch bridges in China
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basket-handle type, two movable saddles are installed on the top of the towers such
that the saddle can move laterally to control the position of the cable during the lift
of the arch ribs. The Taipinghu Bridge is an environmental-friendly design in this
national park area.

4.4 Chaotianmen Construction

The Chaotianmen Bridge (Fig. 3d) is another recently built arch bridge in “The City
of Bridges in China,” Chongqing. It has a world record main span of 552 m as its
completion in 2009 [22]. The total length of the steel truss arch is 932 m, with the
span arrangement of (190 + 552 + 190) m. The rise-to-span ratio of the main span
is 1/4.312. Similar to the Caiyuanba Bridge, the main girder of the Chaotianmen
Bridge is also divided into an upper level for six-lane auto traffic and a lower level
for metro. This resulted in a reduction in total deck width and improved the overall
visual impact on the environment. The arch was designed without horizontal thrust
due to the use of tie bars. The prestressed tendons are used as part of the composite
tie bar system, which significantly reduce the large forces in the truss members.
Seismic hinged bearings are adopted at the top of two caps. The construction of the
main truss started from side span to main span and then installed the tie bars. The
multiple transitions of the structural system occur during the whole construction
process.

5 Fixed Links

As mentioned previously, the need for fixed links across the bay and the strait is
also a catalyst for the construction of long-span bridges. During the past decade, a
large number of link projects were built as summarized in Table 4.

5.1 Donghai Bridge

The Donghai Bridge (Fig. 4a) completed in 2005 is the first fixed link project in
China between the Nanhui District of Shanghai and Xiaoyangshan Island of
Zhejiang, which is part of the Shanghai International Port. The project contains a
large number of simple supported prestressed concrete box girders (30 m on land,
60 and 70 m over the sea), continuous concrete girders (with a main span of 120–
160 m), two cable-stayed bridges with a main span of 420 and 332 m. The con-
struction of this project was completed in 2005 with the duration of 35 months.
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5.2 Hangzhou Bay Bridge

The Hangzhou Bay Bridge (Fig. 4b) built in 2008 is a milestone project for the
regional economy of Shanghai and Zhejiang [23]. More than 120 km driving dis-
tance between Ningbo and Shanghai is shortened after the completion of this
project. For main shipping channels, two large-span cable-stayed bridges are built
with a span arrangement of (100 + 160 + 318) m and (70 + 160 + 448 +
160 + 70) m, respectively. For other spans of the bridge, 70-m-long prestressed
concrete continuous box girders are arranged. At the beginning of the project, the
position measurement is of great importance for such long-span bridges. Thus, the

Table 4 Technical features of recently completed fixed links in China

Project Built Length (km) Width (m) Lanes Speed (km/h)

Donghai Bay 2005 32.5 31.5 6 80

Hangzhou Bay 2008 36 33 6 100

Pingtan channel 2010 35.1 17 4 80

Zhoushan Island 2010 48 22.5 4 100

Jiaozhou Bay 2011 41.8 35 8 80

Xinghai Bay 2015 6 24.8 4 80

Quanzhou Bay 2015 12.5 33.5 6 100

Hong Kong–Zhuhai–Macau 2016 49.96 41.9 6 100

Pingtan straits 2019 16.34 35.5 6 100

Fig. 4 Recently completed bay bridges and fixed links in China
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data from multiple GPS reference stations were measured to obtain the continuous
elevations over the bay. The drilled piles with the diameter of 1.5 m or 1.6 m were
used for such foundation more than 89 m deep. In order to minimize the offshore
construction, most of the girders are precast and lifted by cranes on the neighboring
deck. The durability of concrete structures in the marine environment was studied.
A rest station is built in the middle of the distance for welcome center and emer-
gency service.

5.3 Zhoushan Island Link

The Zhoushan Islands Link Project completed in 2009 is across four islands with
over 48 km length, including five long-span bridges [24]. The construction of this
link was launched in 1999 with two phases. The first phase of the project contains
three long-span bridges that were completed in 2004. Another two long-span
bridges started in 2005 as the second phase. The Xihoumen Bridge discussed
previously is the one of the bridges in this phase. The other bridge is the Jintang
Bridge (Fig. 4c), which is a cable-stayed bridge with a main span of 620 m. One of
the design features of the Jintang Bridge is the application of steel anchorage beam
for cables, which minimizes tensile stress on the main tower. The completion of this
link indicates that building technology on the bridges over the sea has become more
mature and internationally competitive in China. It provided a reliable reference on
many recent projects, such as the Jiaozhou Bay Bridge (Fig. 4d).

5.4 Hong Kong–Zhuhai–Macau Link

Hong Kong–Zhuhai–Macau Link is the first large-scale combined bridge–tunnel
fixed link project in China [25]. The purpose of this project is to provide a fast
transportation in the Pan-Pearl River Delta region and then boost regional tourism
and economy. Upon completion, the travel time from Hong Kong to Macau or
Zhuhai will be reduced to half an hour. This project started from 2009 and is
scheduled to complete in 2018. It will be the world’s longest six-lane immersed
tube tunnel with a length of 35.578 km.

6 Conclusions

The construction of modern long-span bridges in China is driven by the ongoing
development of the national highway network. With the development of advanced
construction material and technologies, the records of long-span bridges have been
updated in a yearly basis. In this review on long-span highway bridges in the past
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decade, it can be seen that the construction of such large-scale infrastructures in
China has grown into an unprecedented level. These improvements are character-
ized by the following aspects: (1) The scales of bridges have been increased in
multiple aspects, including the main span, the deck width, the tower height, the pile
length, etc. (2) More structural types have been developed and practiced, including
the self-anchored suspension bridge, multiple-span cable-stayed bridges, etc.
(3) The structural systems are in a composite or hybrid form both at the system level
(steel tied arch with concrete rigid frame bridge) and at the cross-section level
(steel–concrete composite arch rib). (4) Bridges are built to carry lanes for multiple
uses, such as auto-train and auto-metro. (5) Multifunctional and large-scale con-
struction facilities are developed for different construction settings, such as fast
hydraulic climbing system on bridge tower, lifting crane for wide deck, etc.
(6) Construction methods for different geomorphic conditions are developed, such
as integrated large-scale foundation on the sea, swing and cable hybrid method for
arch bridge, installation of stiffened truss girder by flexible rail system in valley, etc.

The fast developments of the highway network in China are based on a learning
process from construction experience of those developed countries accumulated in
the twentieth century. As a result, nearly a total of two hundred long-span bridges
have been built over the Yangtze River. Now in turn, China has provided the new
experience in the past decade and will continually lead the construction of
long-span bridges in the next decade.

Acknowledgements The authors would like to acknowledge Caroline Williams, a civil engi-
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Influence of Steel Spring Failure
of Floating Slab Track on Vibration
Characteristics of Infrastructure

Fangzheng Xu, Xiaolin Song and Jianjin Yang

Abstract Floating slab track is widely used for its excellent performance on
vibration isolation. Steel spring stiffness will be decreased or even invalid under
repeated trainload, which may have a bad effect on the vibration characteristics of
an infrastructure. Vertical coupled dynamics model for the metro and the floating
slab track was established based on the vehicle-track coupled dynamics, by which
the reaction forces of steel springs with some ineffective steel springs were
obtained. Reaction forces of the steel springs were applied to the three-dimensional
finite element model of the tunnel and soil to investigate the steel spring failure
influence of the floating slab track on the tunnel and soil vibration. Numerical
results indicated that the vibration displacements were slightly influenced by the
failure of the steel springs. Peak vibration acceleration of the soil in each horizontal
level was located in the track centerline. No matter how many steel springs fail, the
distribution of the soil acceleration is very similar, not only along lateral direction
but also along the vertical direction. When the failure number of the steel springs is
less than 6, the failure number has little effect on the maximal soil acceleration
along the lateral and vertical direction. With the increase of the failure number of
springs from 7 to 9, the maximal acceleration along the lateral direction decreases
quickly, while the attenuation along the vertical direction is very limited.

Keywords Floating slab track � Failure � Vibration characteristics � Finite element
model � Vehicle-track coupled dynamics

1 Introduction

With the rapid development of the economy and the urbanization process, the urban
rail transit in China has been developing rapidly, which greatly facilitates people’s
life. However, it also brings many problems. Some ancient buildings near the metro
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have cracked or even collapsed. Some metros have a negative influence on the
precision instrument and equipment of some universities or institutes [1]. In these
special areas, steel spring floating slab tracks are often chosen for its excellent
performance of the vibration isolation.

Under the repeated trainload, the steel spring will partly or totally lose its effi-
cacy unavoidably.

Researchers have done much on the vibration characteristics of the infrastructure
and obtained fruitful results. Ge et al. [2] tested and analyzed the accelerations of
the tunnel and the floating slab track in different train speed. Yu et al. [3] discussed
the influence of support failure of steel spring floating slab track on the dynamic
response of track-self, while the influence on the ground vibration was not
involved.

In this paper, the ground vibration caused by the metro train is considered as the
two subsystems of train-track and tunnel-soil. Based on the vehicle-track coupled
dynamics theory [4], the reaction forces of the steel springs were calculated using
the train-track coupled dynamics model. The reaction forces of the steel springs
were subjected to the three-dimensional finite element model of the tunnel-soil. The
influence of the steel spring failure of the floating slab track on the vibration
characteristics will be investigated.

2 Numerical Model and Parameters

2.1 Train-Track Coupled Dynamics Model

The train-track coupled dynamics model was established, as showed in Fig. 1. In
the model, the metro vehicle was simplified as a multi-body system with 10° of
freedom. The rail was treated as a continuous Euler beam discretely supported at
fastener junctions. The floating slab track was regarded as a free beam supported on
the steel springs which are fixed on the tunnel foundation base. The Hertz nonlinear
elastic contact was adopted in the vertical interaction of the wheel and the rail. The
shear hinge between floating slab tracks and the track irregularity was not con-
sidered in the model.

Rail
Fastener
Floating 

slab track
Steel spring

Train running direction

Train

Fig. 1 Train-track coupled dynamics model
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Only the function of the steel spring floating slab track is shown in Eqs. 1 and 2
[5].

EsIs
@4Zsðx; tÞ

@x4
þ qs

@2Zsðx; tÞ
@t2

¼
XNp

i¼1

FrsiðtÞdðx� xpiÞ �
XNf

j¼1

FssjðtÞdðx� xfiÞ ð1Þ

FssiðtÞ ¼ Ksi½Zsðxi; tÞ � Ztðxi; tÞ� þCsi½ _Zsðxi; tÞ � _Ztðxi; tÞ� ð2Þ

In Eqs. 1 and 2, Es, Is and qs are Young’s modulus of the track slab, the moment
of inertia of the track slab and the slab mass per unit length, respectively. Ksi and Csi

are the stiffness and the damping of the ith steel spring. Zsðx; tÞ and _Zsðx; tÞ are the
vertical displacement and the vertical velocity of the floating slab track. Ztðx; tÞ and
_Ztðx; tÞ are the vertical displacement and the vertical velocity of the steel spring. Np

and Nf are the number of fasteners and the steel springs. Frs and Fss are the reaction
forces of the fasteners and the steel springs.

In this paper, a wide-body A size train is used. The train has six vehicles. The
length of each vehicle is 22.8 m. The train speed is 60 km/h. The parameters of the
metro and the track are listed in Tables 1 and 2.

2.2 Three-Dimensional Finite Element Model of Tunnel
and Soil

According to the real parameters of one metro line, the three-dimensional finite
element model of the tunnel and soil was established, as shown in Fig. 2. The
length, the width, and the thickness of the model are 75 m, 80 m, and 60 m,
respectively. The model length is the length of three slabs. The other dynamics
parameters [6] are shown in Table 3.

Table 1 Parameters of metro vehicle

Parameter Value Parameter Value

Mass of car body 50,878 kg Mass of truck 2721 kg

Unsprung mass 1900 kg Pitch moment of
inertia for car body

2.446 � 106 kg m2

Pitch moment of
inertia for frame

3.605 � 103 kg m2 Primary suspension
stiffness

2140 kN/m

Secondary
suspension stiffness

2500 kN/m Primary suspension
damping

49 kN s/m

Secondary
suspension damping

196 kN s/m Truck space 15.7 m

Axle space 2.5 m Rolling radius 0.42 m
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The diameter and the buried depth of the tunnel are 6 and 15 m. The lining
thickness is 0.3 m. The C55 concrete is used in the lining and the tunnel foundation
base.

The calculated soil area consists of nine layers without considering the slippage
between the soil layers. Each soil layer is considered as a homogeneous and iso-
tropic material.

The tunnel and soil are modeled by the eight-node brick solid element SOLID45.
The element size of the model ranges from 0.5 to 2.5 m, and the model consists of
72,140 elements and 78,204 nodes. Three-dimensional viscoelastic artificial
boundaries [7] are applied to the model.

Three monitoring lines of the soil acceleration correspond to the lateral lines of
the ground surface above the center or above the end of the middle floating slab
track (Line 1 and Line 2), and the vertical line along the vertical direction through
the center of the model.

Table 2 Parameters of floating slab track

Parameter Value Parameter Value

Young’s modulus of rail 205.9 GPa Moment of inertia of rail 3.217 � 10−5 kg m2

Rail mass 60.64 kg/
m

Rail pad stiffness 60,000 kN/m

Rail pad damping 75 kN s/
m

Young’s modulus of
track slab

35 GPa

Moment of inertia of
track slab

0.1258 m4 Mass of track slab 96,134.5 kg

Length of track slab 25 m Steel spring stiffness 6600 kN/m

Steel spring damping 390 kN s/
m

Fastener space 0.595 m

Fastener number 84 Steel spring number 42

Fig. 2 Three-dimensional
finite element model of tunnel
and soil
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3 Numerical Calculation and Results Analysis

In this paper, only the continuous failure of the steel springs in one side from one
end of the floating slab track was taken into account. The failure number of steel
spring varied from 0 to 9. The failure style was shown in Fig. 3.

3.1 Characteristics of Reaction Forces of Steel Springs

The calculated forces of the steel springs with different failure springs were shown
in Fig. 4.

It can be seen from Fig. 4 that the force of the first ineffective steel spring (Point
A) is 0. When seven steel springs fail, the reaction force of the effective spring
adjacent to the failure one (Point B) will double that with no ineffective spring. The
reaction force of the middle steel spring in the same side as the ineffective one
(Point C) is 26.70 kN when the failure number of the steel springs is 0; however,
the force raises to 33.75 kN when the failure number is 7. The reaction force of the
other end steel spring in the same side as the ineffective one (Point D) is 22.65 kN
when seven steel springs fail, which is only 1.23 kN smaller than that with no
failure. That is to say, the influence of the failure number of steel springs on the
reaction force for Point D is neglectful. When two steel springs fail, the reaction
forces of the steel springs for Point B, C, and D are close to that without failure.

3.2 Vibration Characteristics of Tunnel and Soil

As the vertical vibration caused by the metro is much greater than the lateral and
longitudinal one [8], only the vertical vibration is analyzed. Figures 5 and 6 show
the vibration of the tunnel foundation base and the soil in the center of the ground.
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Fig. 3 Failure style of steel springs in one side
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It can be clearly seen from Fig. 5 that the vibration displacements of the tunnel
foundation base and the soil are, respectively, 0.379 mm and 0.253 mm when the
steel springs are all fine. The corresponding displacements increase slightly to 0.392
and 0.258 mm when the failure number of the steel springs reaches 7. The
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increments reach 3.43% for the tunnel base and 1.98% for the soil. The vibration
displacements were little influenced by the failure of the steel springs.

As can be seen from Fig. 6, the maximal acceleration of the tunnel foundation
base and the soil is, respectively, 11.41 mm/s2 and 2.18 mm/s2 when the failure
number of the steel springs is 0. The accelerations increase sharply when the springs
fail. The maximal accelerations rose to 21.65 and 7.12 mm/s2 when seven steel
springs fail. The increments reach 89.75% for the tunnel base and 226.61% for the
soil. No matter how many springs fail, the spectrum characteristic curve shows that
the frequency component remains stable and the dominant frequency of the
acceleration remains 6.48 Hz or so. When the springs are ineffective, only the
amplitude increases in some frequency (less than 15 Hz), especially in the dominant
one.

3.3 Distribution of the Vertical Acceleration for Soil

Vertical Acceleration Along Lateral Direction (Line 1 and Line 2) Figure 7
illustrates the distribution of the vertical acceleration for the soil along the lateral
direction when all the steel springs are effective.
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Figure 7 shows that the peak vertical acceleration along Line 2 is greater than that
along Line 1 where the distance from the track centerline is less than 20 m. On the
contrary, out of the range 20 m, the acceleration along Line 1 is greater. The
acceleration of the soil decreases rapidly with the distance less than 14 m. The local
rebound occurred in a small range, about 20 m away from the centerline. It is
similar to the test data and simulation results [1].

Figure 8 presents the acceleration distribution of the soil when different steel
springs fail. Figure 9 provides a comparison of the maximal vibration acceleration
of the soil when the different steel springs are ineffective.

It is shown from Fig. 8 that the peak vertical acceleration of the soil in each
horizontal level is located in the track centerline. No matter how many steel springs
fail, the vertical acceleration distributions of the soil are very similar.

Figures 8 and 9 illustrate that the acceleration of the soil along Line 1 and Line 2
is slightly influenced when the failure number of the steel springs is not more than
5. The maximal difference of the maximal soil acceleration is less than 8.33%.
When the failure number of the steel springs exceeds 6, the soil acceleration
increases significantly. However, the peak value decreases quickly with the increase
of the failure number of springs. There is a 226.61 and 339.79% increase in the
maximal acceleration along Line 1 and Line 2 compared with that of no failure
springs.

Vertical Acceleration Along Vertical direction (Line 3) Figure 10 shows the
acceleration distribution of the soil along the vertical direction (Line 3) when
different steel springs are ineffective.

It can be seen from Fig. 10 that the vertical acceleration reaches its maximum on
the tunnel foundation base. The acceleration under the tunnel is much greater than
that above the tunnel.

Under the tunnel area shown in Fig. 10, the soil acceleration reduces remarkably
with the increase of the distance from the tunnel foundation along Line 3. Above
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the tunnel area, the soil acceleration decreases with the increase of the distance from
the ground.

The vertical acceleration distribution of the soil is influenced little when the
failure number of the steel springs is not more than 6. The maximal difference of the
maximal acceleration is less than 10.58%. When the failure number exceeds 6,
although the distribution is similar, the peak value and the attenuation rate raise
extremely. Comparing the peak values with no failure springs, there is a 101.28%
increase in the maximal acceleration along the vertical direction. However, with the
increase of the failure number of springs from 7 to 9, the attenuation along the
vertical direction is very limited.
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4 Conclusion

1. The influence of the failure number of steel springs on displacements of the
tunnel foundation base and the soil is neglectful. The maximal difference of the
displacements between seven ineffective steel springs and those with no inef-
fective spring is only 3.43%.

2. No matter how many steel springs fail, the distribution of the soil acceleration is
very similar, not only along lateral direction but also along the vertical direction.
The maximal soil acceleration along the lateral direction is located in the track
centerline. The acceleration attenuates with the increase of the distance from the
track centerline. It decreases rapidly with a distance less than 14 m. There is a
local rebound occurring in a small range, about 20 m away from the centerline.
Along the vertical direction, the vertical acceleration reaches its maximum at the
tunnel foundation base. The soil acceleration under the tunnel is much greater
than that above the tunnel.

3. When the failure number of the steel springs is less than 6, the failure number
has little effect on the maximal soil acceleration along lateral and the vertical
direction, and the maximal difference of the maximal acceleration for two
directions is only 8.33 and 10.58%. When the failure number exceeds 6, the
acceleration not only along lateral direction but also along vertical direction
increases significantly. Comparing the peak values with no failure springs, there
is a 339.79 and 101.28% increase in the maximal acceleration along the lateral
and vertical direction, respectively. With the increase of the failure number of
springs from 7 to 9, the maximal acceleration along the lateral direction
decreases quickly, while the attenuation along the vertical direction is very
limited.

-60

-50

-40

-30

-20

-10

0

0 5 10 15 20 25
Vibration acceleration, mm/s2

D
is

ta
nc

e 
fr

om
 th

e 
gr

ou
nd

, m

 No failure
2 failure
4 failure

 5 failure
 6 failure
 7 failure
 8 failure
 9 failure

Tunnel area

Line 3

Fig. 10 Vibration
acceleration of soil along the
vertical direction (Line 3)

Influence of Steel Spring Failure of Floating … 997



Acknowledgements This research was partially supported by the National Natural Science
Foundation of China (NSFC) under grant 51478397, the State Key Laboratory of Traction Power
of China under grant 2019TPL-T05, and China Scholarship Council.

References

1. Xia H (2010) Traffic induced environmental vibrations and controls. Science Press, Beijing (in
Chinese)

2. Ge H, Yang LL, Liang YC (2017) Test and analysis of vibration characteristics of metro track
structures subject to different speed. Railw Stand Des 61:11–14 (in Chinese)

3. Yu GR, Shen JF, Chen K (2015) Influence of railway-support failure on the dynamic response
characteristics of steel spring floating slab track. Noise Vib Control 35:78–81 (in Chinese)

4. Zhai WM (2015) Vehicle-track coupled dynamics, 4th edn. Science Press, Beijing (in Chinese)
5. Li JL, Xu P, Zhai WM (2011) Dynamic analysis of steel spring floating slab track fulcrum

force. Railw Eng 106–109 (in Chinese)
6. Yin ZG (2008) Research on the buildings vibration and noise caused by subway. Tongji

University (in Chinese)
7. Liu JB, Wang ZY, Du XL (2005) Three-dimensional visco-elastic artificial boundaries in time

domain for wave motion problems. Eng Mech 22:46–51 (in Chinese)
8. Zhai WM, He ZX, Song XL (2010) Prediction of high-speed train induced ground vibration

based on train-track-ground system model. Earthq Eng Eng Vib 9:1–10

998 F. Xu et al.



Experimental Study on the Transfer
Characteristic and Deformation
of Three Types of Combine Track
System

Ning Xu, Fei Zeng, Anbin Wang, Zhiqiang Wang, Jinzhao Wang
and Tong Ren

Abstract This study described the transfer properties and deformation of the
combine track systems. This experiment was designed to apply different loads to
three combined track systems on the 1:1 track platform, respectively. The aim
system contained rubber vibration isolation cushion, slab and vibration damping
fasteners. The difference among the systems is mainly due to the different types of
fasteners. The results indicated that loading had an influence on the transfer
properties of track systems; however, the different loadings had similar results. As
an ordinary damping fastener combine track system, the vertical and lateral
response curves were diverse from 140 to 610 Hz and 40 to 480 Hz, respectively.
While for medium damping fastener combine track system, the different frequency
bands were 100–500 Hz and 25–350 Hz for vertical and lateral response, respec-
tively. For the high damping fastener combine track system, the different frequency
bands were 70–420 Hz and 15–270 Hz. In the deformation results, the ordinary
damping fastener had the smallest rail deformation and the largest slab deformation,
while the high damping fastener had the largest rail deformation and the smallest
slab deformation.

Keywords Combine track system � Transfer characteristic � Load � Deformation

1 Introduction

In thewheel rail coupling system, track structure parameters such asmass and stiffness
directly determine vibration behavior. Therefore, rational track structure and param-
eters selection are the potentialmethod to control vibration and noise [1–4]. New track
structures, combined with rubber vibration isolation cushion, slab, and fasteners have
been widely used in areas that are sensitive to vibration levels.
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However, the increase of the vibration damping effect of the track structure is
accompanied by the increase of the rail deformation. Meanwhile, the latter may
cause track irregularity, wheel rail noise aggravation, wheel rail wear, and even
cause derailment, which will affect the safety and riding comfort level of trains
seriously [5, 6].

To verify the safety and reliability of the combine track system, dynamic study
was usually carried out on operating railway lines, which reflected the track
structure characteristics greatly. However, performing online test on the busy
railways had many restrictions like high costs. Therefore, we chose to test both the
transfer characteristics and deformation of the proposed combine track systems in
laboratory environment with a full-scaled track testing platform. The results pro-
vided reference to the vibration damping and safety performance for a combine
track system with different fasteners.

2 Test Track and Track Systems

2.1 Test Track

The laboratory test track is a full-scaled simulation of actual railway lines. The
length of the line is 30 m, and the radius curvature is 500 m. In order to simulate
infinite long lines, damping boxes are installed at both ends of each line to eliminate
the influence of the rail internal vibration echo on the test results, as shown in
Fig. 1.

2.2 Combine Track Systems

From the top to bottom, combine track system includes rail, fasteners, slab, rubber
vibration isolation cushion, and the foundation of ballast bed, as shown in Fig. 2.
The vibration reduction performance of combine track system is realized by

Damping
box

Rail

Damping
box

Damping
box

Damping
box

Slab

Fastener Ballast Rig Boosting Frame Mat(DCD_300)

Rail deflection

Slab deflection

Fig. 1 Lines schematic diagram
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assembling different fasteners and rubber vibration isolation cushions with different
stiffness and rational allocation of system mass, stiffness, and damping. Three types
of fasteners are used in this study, which included the ordinary damping fastener,
the medium damping fastener, and the high damping fastener.

2.3 Loading Systems

The loading system is consisted of hydraulic pump, springs, and simulating wheels.
The hydraulic pump is fixed to the I-beam. Forces applied to rails by simulating
wheels are adjusted to replicate the conditions of wheelset running on a straight or
curved track. The loading system setup is shown in Fig. 3. Single wheelset axle
loading step is 20 kN, among which the load of 160 and 140 kN is corresponding
to the single axle load of the domestic type A and B vehicles.

High rail Low rail

plate ballast bed

damping fastener

rubber vibration isolation 

cushion

Ballast Foundation

Buffer structure

The drainmortar layer

Fig. 2 Combine track system schematic diagram

Analog track test system

Spring

fastener

Loading frame

Analog wheel

Ballast Foundation

plate ballast bed

Hydraulic pump

Fig. 3 Loading system schematic diagram
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3 Test Contents and Equipment

3.1 Test Contents

The test parameters include rail frequency response function, rail deformation
relative to slab, and slab deformation relative to foundation. Measurement points of
rail’s vertical and lateral responses are located on the railhead above the fastener as
shown in Fig. 4. The deformation measurement points of rail and slab are on the
rail foot and slab bed, respectively (Fig. 5) [7, 8].

The equipment is calibrated on site, and the accelerometer is calibrated with a
calibration instrument to achieve a standard value. The displacement sensor is
calibrated by standard test strips before and after the experiment.

Before real experiment, more than three warm-up experiments are carried out to
reduce the testing error caused by the coordination characteristics of the track
system and ensure the stability of the track system during real experiment.
Meanwhile, extra attentions are paid to the interference caused by other factors
during the experiment. The load is maintained stable during the experiment. The
data records on every experiment are more than ten times. Average processing is
performed after removing the abnormal data.

Accelerometer sensor

Vertical excitation

plate ballast bed

Excitation sensor

Accelerometer sensor

plate ballast bed

Excitation sensor

Lateral excitation

(a) vertical excitation (b) lateral excitation

(c) field testing in laboratory 

Fig. 4 Transfer response test schematic diagram
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3.2 Test Equipment

The test equipment mainly includes NI data acquisition instrument, PCB company
352C03 and 393C33 accelerometer, and AML-SGD10 displacement sensor.

4 Test Results

4.1 Frequency Response Characteristics

The frequency response reacceptance curves of the three types of combination track
systems are shown in Figs. 6, 7, 8, 9, 10, and 11.

As shown in Figs. 6, 7, 8, 9, 10, and 11, wheelset loads have significant difference
influence on the rail frequency response reacceptance spectrum with same track

Deformation sensor

High rail Low rail

(a) diagrammatic sketch  (b) field testing in laboratory

Fig. 5 Vertical deformation test schematic diagram
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structure, though there is no significant difference across different loading levels. But
the frequency response characteristics are significantly different for different track
structures. Meanwhile, the rail reacceptance peak frequencies are affected by dif-
ferent damping fasteners. In other words, the peak frequency moves to the low
frequency with the increase of the fastener damping level, and the bandwidth is
gradually shortened. As shown in Figs. 6, 7, 8, 9, 10, and 11, the vertical response
peaks located in the range of 140–610 Hz, and the lateral response peaks located in
the range of 40–480 Hz for the combine track system with ordinary damping fas-
tener. For the medium damping system, peak frequency ranges are 100–500 Hz and
25–350 Hz for vertical and lateral response, respectively. While for the high
damping fastener combine track system, the vertical and lateral response peaks are
located in the frequency bands of 70–420 Hz and 15–270 Hz, respectively.
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Based on the experimental results discussed above, combination track system
can be designed according to the specific vibration isolation requirements of dif-
ferent lines.

4.2 Rail Vertical Deformation

Figure 12 shows the rail vertical deformation relative to slab, and Fig. 13 is the
relative vertical deformation of slab relative to the foundation of three different
track structures with and without wheelset loading. The vertical deformation of the
rail relative to the foundation, i.e., the absolute deformation of the track system is
shown in Fig. 14.

-180

-170

-160

-150

-140

-130

-120

-110

-100

0 200 400 600 800 1000

0KN 100KN
120KN 140KN
160KN 180KN
200KN

Frequency/Hz 

R
ec

ep
ta

nc
e/

dB

Fig. 9 Rail lateral reacceptance spectrum of combine track system with medium damping fastener
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The vertical deformation of both the rails and the slab is used as the increases
with the increase of loads for all three combination tracks. And the absolute track
system deformation increases with damping increases.

For the ordinary damping fastener combination track system, rail vertical
deformation is the smallest, while the slab deformation is the largest. In contrast, for
the high damping fastener combination track system, the rail vertical deformation is
the largest, while the slab deformation is the smallest [9].

In Fig. 14, there is little difference in the absolute vertical deformation of
combine track systems with ordinary damping fastener or medium damping fas-
tener. However, for high damping fastener combine track system, the absolute
vertical deformation is significantly higher than that in low and medium damp track
systems.
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In addition, under the load of 140 and 160 kN, the deformation of all three
systems met the safety limiter. In general, a few meters of transition zone are
necessary when implementing a combination track system in common railway
lines, which ensures a smooth transition of the rail deformation and the safe
operation of the train.

5 Conclusions

(1) As the same track structure, rail frequency response reacceptance spectrum
shows significant difference between with and without wheelset loads, while
there is no evident difference among different loading levels.
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(2) As different track structures, the frequency response characteristics are signif-
icantly different. The rail reacceptance peak frequency bands are affected by
different damping fasteners. The peak frequency band moves to the low fre-
quency with the increase of the fastener damping level, and the bandwidth is
gradually shortened.

(3) The relative vertical deformation of the rail and slab is closely related to types
of fastener. The rail deformation is less than ballast bed deformation for the
ordinary damping fastener combine track system and greater for high damping
fastener combine track system.

(4) There is little difference in the absolute deformations between the ordinary
damping and the medium damping fastener combine track systems, while the
high damping fastener combine track system has the highest deformation
among the three damping systems.
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Analysis of Accurate Dynamic
Responses on Orthotropic Steel Deck
Based on Multi-scale Time-Varying
Boundary Approximation Method

Yuan Tian, Nan Zhang, Wanli Yang and Ming Chen

Abstract Accurate evaluation of dynamic effects on critical components of
orthotropic bridge decks is of great significance for structural damage identification
and fatigue life prediction, especially for long-span cable-stayed bridges. However,
the prohibitive computational cost of the traditional finite element (FE) method
makes it unfeasible for this problem. Therefore, based on dynamic balance equa-
tions and FE strategies, multi-scale time-varying analysis approach is proposed and
derived theoretically in this paper. Unlike most of the existing methods, the
dynamic effect of the refined model is easily solved by repeated iteration by using
the dynamic responses of a relatively large-scale model as boundary conditions. As
a case study, the whole segment model of an orthotropic bridge deck is established
and performed via two refinement processes at the complex junction area between
the plate and the longitudinal ribs under the track. A similar and sufficiently
accurate model is also analyzed using ANSYS package in general FE method, and
the comparison is made. This study can be considered as an attempt to provide a
brand-new high-efficiency analysis framework for accurate solution of local
vibration problems. Under relatively small and easily manageable calculation
conditions at each cross-scale processing, not only the requirement of global design
for actual engineering applications can be met, but also the aim of further in-depth
analysis can be achieved as well.
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1 Introduction

By combining the social aesthetic needs and efficient use of structural materials,
long-span cable-stayed bridges have been extensively used in railway bridge
engineering over the past few decades [1, 2]. However, due to the weak adaptability
of tracks for the deformation of integral bridge deck system, they are relatively
difficult to be adopted with the increasing span lengths [3, 4]. Correspondingly,
ballast decks, which have fully replaced the traditional open bridge deck, become
the main type floor system in these long-span bridges. Considering the
load-carrying capacity in proportion to their weight and excellent integrality, which
can easily meet the requirements of running safety in railway bridges, and the
convenient construction, there is no doubt in the mushrooming of the application of
orthotropic steel deck [5].

Orthotropic steel deck is a complex system that consisted of a deck plate, lon-
gitudinal “U” ribs, cross girders, and bottom chord, as shown in Fig. 1. The
crisscrossing component connections and uncountable weld joints make it rigidity
in longitudinal and transverse directions different [6]. Local vibrations easily cause
component damage and cracking, which would eventually lead to the loss of their
service function. Since the induced key elements of the working environment and
loads usually belong to the structure of the overall scope, bi-directional synchro-
nization analysis across the global and local refined models concurrently became
one of the highlights of the scientific research in the civil engineering field [7–9].

So far, there are two ways to acquire the exact dynamic results of complex
structure such as those of the orthotropic deck systems, which are dependent on
updating the FE technique [10, 11]. The first way is to create sophisticated models
by further mesh improvement. However, it would inevitably not only raise the
computational cost due to the supersize model with too many elements and nodes,
but also increase the probability of creating operation errors or collapses with many

Fig. 1 Diagram of orthotropic steel deck
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uncertainties [12]. The second way is based on the multi-scale FE modeling
technique [13], which typically includes sub-modeling [14] and sub-structure
methods [15]. For the first way, the selection of the boundary conditions in the
sub-modeling method is relatively complicated due to the connection compatibility
techniques between the different scale models in the transition regions. Moreover, it
may lead to the error accumulation in the analysis process of nonlinear problems.
For sub-structure method, the difficulty lies in the condensation of internal degrees
of freedom (DoFs) and coordinate transformation. Overall, considering its eco-
nomic computational configuration while having a great potential to obtain accurate
results and other benefits, the multi-scale FE modeling technique draws the atten-
tion of scholars all over the world.

Based on the aforementioned issues, the aim of this paper was to present an
efficient approach in multiple scales for modeling and calculating the local dynamic
responses of orthotropic steel bridge decks. First, the analysis framework of the
multi-scale time-varying boundary approximation method was established and
investigated via theoretical derivation. Second, taking the orthotropic deck of a
cable-stayed bridge as a case study, the dynamic responses of the critical location
beneath the track were evaluated based on this framework. They were then com-
pared with the detailed whole segment model and calculated using ANSYS package
to confirm the effectiveness of the method, which was followed by the conclusion in
the end.

2 Multi-scale Time-Varying Boundary Approximation
Method

2.1 Method Overview

To clarify the complete solving steps of this approach, a two-dimensional (2-D)
beam with a time-dependent load-F(t) (represented by the red arrow) acting at any
position within the span was taken as an example to show the fundamental pro-
cedures, as shown in Fig. 2a. The area between nodes I and II, which is the shadow
region covered, was assumed to be refined later.

Followed by the general FE analysis strategies, the initial model of the whole
beam was established at first. Based on the tested structure frequency or initial
calculated results, the created model was checked and assured to be correct. At this
stage, the model satisfied the requirements of static and dynamic analysis and was
used in the service of design structure, even though it is based on a larger-scale
relative coarse model. As the target possessed more accurate analysis of the
mid-span area, which the subsequent research focused on, nodes III and IV were
added into the model as shown in Fig. 2b. The response values of nodes II and I
were obtained and used as boundary conditions to recalculate the results of III and
IV. So far, the refined FE model based on a smaller scale could guarantee the
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accuracy. However, if the detailed model still did not meet the needs for analysis,
more nodes could be added to refine the area in depth. As shown in Fig. 2c where
the dashed line area is the part of continue refining, namely by adding nodes V and
VI between III and IV, while using the solving strategy mentioned above.

Overall, using the responses of the existing nodes as boundary conditions, the
proposed method has the potential to add more nodes or elements to improve the
mesh refinement at the critical region of interest using the results of the last previous
calculation as boundary conditions. Through the dynamic boundary approximation
process between different model scales of model, accurate responses for the con-
cerned area will gradually meet the needs of various modeling levels of modeling.

2.2 Theoretical Derivation

The 2D beam mentioned above is used for the derivation based on the FE theory.
For the original model in Fig. 3a, subscripts 1 and 4 denote the DoFs of the

components, which intended to refine or not, respectively. The dynamic equilibrium
equation of the model [16] is:

m11 m14

m41 m44

� �
€x1
€x4

� �
+

c11 c14
c41 c44

� �
_x1
_x4

� �
+

k11 k14
k41 k44

� �
x1
x4

� �
=

f1
f4

� �
ð1Þ

where m, c, k, and f denote the mass, damping and stiffness, and acting force
matrices of the structure, respectively. €x, _x, and x are the acceleration, velocity, and

Fig. 2 Diagram of solution
procedure: a general model,
b refined model, and c more
refined model. The black dots
indicate the nodes, and the
blue dashed lines represent
the final refined area
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displacement vectors of the structure, respectively. Similarly, Eq. (1) can be
expressed as:

m11€x1 þ c11 _x1 þ k11x1 ¼ f1 � m14€x4 � c14 _x4 � k14x4 ð2Þ

Figure 3b shows the refined model of the next step. The DoFs that the refining
part and the original model share are identified with the subscript 2, while the
increased DoFs in the refining part are denoted with the subscript 3. Similarly, the
DoFs in the none-refined part are labeled with the subscript 4. It is found that the
increased DoFs with subscript 3 are only related to the common DoFs with sub-
script 2, rather than with the subscript 4. Therefore, the dynamic equilibrium
equation for the refined model is as follows.

The following transformation relationship is expressed as:

m22 m23

m32 m33

� �
€x2
€x3

� �
þ c22 c23

c32 c33

� �
_x2
_x3

� �
þ

k22 k23
k32 k33

� �
x2
x3

� �
¼ f1 � m24€x4 � c24 _x4 � k24x4

0

� � ð3Þ

It is clearly observed that the relationship between the DoFs labeled with sub-
scripts 1 and 4 in the original model is the same as those of subscripts 2 and 4 in the
refined model. The DoFs belonging to subscript 2 are the boundary linking DoFs 1
and 4, thus:

m24 ¼ m14; c24 ¼ c14; k24 ¼ k14 ð4Þ

According to the converted dynamic equilibrium equation for the original model
and refined model in Eqs. (2) and (4) with the same relationship shown in Eq. (5),
hence, we can deduce the following equation:

Fig. 3 Theoretical derivation
model. The shade region is
also the component intended
to refine
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m22 m23

m32 m33

� �
€x2
€x3

� �
+

c22 c23
c32 c33

� �
_x2
_x3

� �
+

k22 k23
k32 k33

� �
x2
x3

� �
=

m11€x1 + c11 _x1 + k11x1
0

� � ð5Þ

In Eq. (5), subscripts 2 and 3 represent the DoFs in refined model, while sub-
script 1 stands for the DoFs in the original model. Accurate analysis can be obtained
using the dynamic responses of the original model gradually as boundary condi-
tions until a sufficient mesh level depth is reached. Thus, the calculation chart is
followed as shown in Fig. 4.

3 Case Study

As a case study, the first highway and railway cross-sea bridge was studied to
perform the analysis. As shown in Fig. 5, the bridge is a five-span cable-stayed of
which the main span is 532 m and the inner and outer spans at each side are 196
and 84 m, respectively. All the spans consist of an interval of 14 m with an inverted
trapezoidal cross section. The 222 m towers, which composed of two columns and
two beams, supported 68 prefab cables, which contain numerous high-strength steel
wires.

Taking the orthotropic deck of the railway line in this bridge as an example, the
standard cross section was shown in Fig. 6 in the red dash line. Every interval
covered 14.0 m in length, and the distance between the centerline of the two low
chords was 15.0 m. Cross ribs were distributed among the interval, and crossbeams
were set on both ends of the interval. The centerline distance of the double ballast
tracks, supported by the orthotropic deck, is 4.4 m. The thickness of all the
U-shaped ribs, deck plate and the concrete ballast slot are 8.0 mm, 16.0 mm, and
60.0 mm, respectively. Q370qD steel is the main material for all components.

Fig. 4 Flow chart of the calculation steps
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3.1 Original and Refined Models

The FE model of orthotropic deck system was established simultaneously using
ANSYS package. MATLAB simulation was used for the shell element calculation
program according to this method; ANSYS was for extracting of the calculation
results and boundary conditions of subsequent processing. Since the target of this
paper focused on introducing a proposed method, the moving load only was taken
for the simulation of the train passing through the interval.

The original model of the orthotropic steel deck system, using Shell181 element,
consisted of 2167 nodes and 2408 elements. As this is a combined railway and
highway cable-stayed bridge, the model boundary condition in this model adopted a
segmental angular point derrick constraint to simulate the connection between the
web member and side beam. According to existing research and studies, cracks
generally occur at the adjacent locations, such as U-shaped rib and bridge deck or
crossbeam, and therefore, the center area in the mid-span of the interval was chosen
to refine. For the refining area in the original model, the element size in the bridge

Fig. 5 Layout of the cable-stayed bridge (unit: m)

Fig. 6 Standard cross section (unit: cm)
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deck was approximately 1.0 m � 0.3 m (the former is suitable to the bridge; and
the latter for the transverse to the bridge. This is the same for the values below) and
the U rid was 1.0 m � 0.27 m, respectively.

While after refining, the element size in the bridge deck and the U rib reduced to
0.25 m � 0.1 m and 0.25 m � 0.09 m, respectively. The refined model consisted
of 3109 nodes and 3448 elements. The original and refined FE models are shown in
Fig. 7. It is clear that the mesh level increased greatly compared to that of the
original model. In both of these two models, concrete ballast slot, sleepers, track,
ballast, and other connecting elements are all modeled with the same design
parameters, see Table 1.

In order to ensure the rationality and uniformity of these two models before and
after refinement, the results of the natural frequency of the vibration and static
analysis of the model were used for the comparison, as listed in Table 2. It
demonstrates that, with the local precision improved from the original structure to
the higher level, the biggest difference in the first five natural frequencies was only
0.87%. Meanwhile, under the same static load conditions, the difference in the

Fig. 7 Finite element model

Table 1 Main parameters of finite element method model

Component Element type Parameter/
unit

Value Parameter/
unit

Value

Concrete ballast slot Shell181 td/mm 60 Ed/(GN/m
2) 35

Sleeper Beam4 ls/m 0.6 Ms/kg 251

Steel rail Beam4 mr/(kg/m) 60.64 I/(�10−5m4) 3.217

Rail fastening Combin14 Kk/(MN/m) 70 Cp/(kN s/m) 75

Ballast Combin14 Kd/(MN/m) 130 qb/(g/cm
3) 1.9

Force spike Combin14 Kl/(GN/m) 13 El/(GN/m
2) 210

td Ed is the thickness of ballast slot and elastic modulus; ls Ms is the distance between sleeper and
mass; mr I is the mass of steel rail in unit length and the moment of inertia of cross section; Kk Cp is
the vertical stiffness and damping ratio of rail fastening; Kd qb is the vertical stiffness and the
density of ballast; Kl El is the vertical stiffness and elastic modulus of force spike
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vertical displacement was only 0.2%, which means that the enhancement in the grid
makes negligible influences to the structure. Overall, under the guarantees of
consistency during the refining process, the analytical strategy is very effective in
decreasing the size of the elements in order to boost the approximation analysis to a
very small-scale level.

3.2 Dynamic Responses

Dynamic responses of both of the models of the orthotropic steel deck were cal-
culated when the moving load series (see Fig. 8) crossed the bridge at a speed of
160 km/h, which is the highest speed allowed by China’s railway specification for
open bridge floors. The structural damping ratio of this interval was set to 0.005,
and the integration time step was taken as 0.01 s. Since the target of this paper was
focused on introducing a proposed method, only vertical dynamic effect was cal-
culated in this case study. Figure 9 shows the detailed nodes in the analytical
region, which were labeled within the red rectangle in Fig. 7, as mentioned above.
As shown in the graph, the four nodes of one element in the original model were

4x135 kN

2.5 15 2.5

4x120 kN

5

4x120 kN 4x135 kN

591=7Á¡5+8 Á¡02

©£1̈£ ©£2̈£ ©£5̈£ ©£6̈£

2.5 15 2.5 5

Same to (1),(2) same to(5),(6)

2.5 15 2.5 5 2.5 15 2.55 5
mº£tinU

Fig. 8 Moving loads series. The effect of moving load series acting on the rail unit with its
organization mode for MTMTTMTM (M means axle load of 135 kN and T stands for axle load of
120 kN)

Table 2 Results of free vibration and static analysis

No. of order Original
model

Refined
model

Frequency/Hz Frequency/Hz

Natural frequency
of vibration

1 4.4499 4.4110

2 6.7710 6.7846

3 6.8382 6.7929

4 7.5971 7.6053

5 8.2202 8.2308

Static analysis Vertical displacement under same
static condition

Displacement/
mm

Displacement/
mm

5.01 5.02
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numbered 621, 622, 722, and 723. While in the refined mode, 16 nodes and 12
elements were adopted to replace the old ones.

3.2.1 Dynamic Responses of Original Model

Figure 10 shows the vertical dynamic responses of node 621, from which the
maximum in the vertical displacement, occurring at 3.02 s, reached 3.4637 mm,
and the maximum vertical acceleration was 4.2317 m/s2 at 3.62 s. According to
previous studies and engineering experience, these results were reasonable and
could be taken as an input for the boundary conditions for follow-up phases.

3.2.2 Dynamic Responses of Refined Model

After the original model analysis, the dynamic responses including displacement,
velocity, and acceleration of each DoFs relative to the nodes 621, 622, 722, and 723
on the boundary were extracted for subsequent analysis. Similar to the second
approximation in Sect. 3.2, the constitution of the elements and nodes in the refined
model was chosen and arranged by a self-editing program. In the refined model, the

(a) Original Model                                         (b) Refined Model

Fig. 9 Detailed nodes and elements before and after refinement
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nodes 721,724, 1189, and 1192, plotted in Fig. 9 correspond to the nodes 621, 622,
722, and 723 of the original model, respectively, while the other nodes were added
after the refinement.

Figure 11 presents the dynamic responses of the refined model after the
approximation analysis. Due to the limited space reasons, only the vertical dis-
placement and acceleration of the node 1072, which were the critical junction
between the decks and U-shaped rib, were listed here. The maximum of the vertical
displacement was 3.4980 mm, and the maximum vertical acceleration reached
4.5396 ms−2.

3.3 Validation Calculation of Detailed Model

In order to verify the correctness of the results using the program, all responses of
the nodes in the refined model were recalculated again using ANSYS package.
Each parameter of auxiliary structures, such as concrete ballast slot, ballast or
orbital, and the operation way of moving load series, all assured to be kept the same
as before. Figure 12 indicates the vertical displacement and acceleration history of
node 1072 by ANSYS. Compared to Fig. 11, these histories of displacement and
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acceleration are particularly similar to each other. The maximum for vertical dis-
placement and acceleration was 3.5915 mm and 4.6043 m/s2, respectively, both of
which only increased by 2.67% and 1.43%, respectively.

The reason for the tiny increase in the displacement and acceleration was that the
refined model, which was established based on the original model, adopted more
nodes and elements. This eventually resulted in a completely different model,
though both models stem from the same analytical object. It is known that the more
sophisticated a model is, the closer it approaches to the real structure, and thus, the
more accurate the results would be with the corresponding calculations.

4 Conclusions

In this paper, the multi-scale dynamic boundary approximation method was utilized
and the effectiveness was verified the effectiveness through theoretical analysis.
Some conclusions are as follows:

(1) Based on dynamic equilibrium equation and FE method, multi-scale
time-varying boundary approximation method was proposed to solve the
complex dynamic effect for orthotropic decks in long-span railway steel bridge
in this paper. With proper calculation requirements, accuracy analysis would
easily be achieved with simple meshing techniques and high efficiency.

(2) Unlike other conventional multi-scale approaches, such as sub-modeling or
sub-structure method, the analytical target of this method could be focused on
the concerned area without establishing the complete detailed model. The
requirements of the structure refinement could facilitate the implementation
with less computational cost and feasible solution scale.

(3) Local vibration problems of the orthotropic bridge decks system could effec-
tively be addressed using this method. Though the results show that there was a
tiny increase trend during the process, the difference stemmed from the models
with different scales as sufficient detailed model calculation results were more
close to the response of real structure.
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IGN Method and Matrices Equivalence
of Regularization Jacobian Matrix
in Solving NLS Survey Adjustment
Problems

Limin Tang and Bo Wu

Abstract NLS methods may have ill-posed problems in many actual survey
adjustment applications. With the increasing applications of nonlinear least squares
(NLS) problems of surveying adjustment, it is very important to understand the
ill-posed attribute of NLS problems and find ways to solve them. Based on regu-
larization theory, this paper presents a new stable function to help obtain stable
results of the NLS problems. An improved Gauss-Newton (IGN) method incor-
porating the developed stable functions is implemented with the capability of
solving the ill-posed problem of survey adjustment applications. Matrices equiva-
lence between regularization Jacobian matrices in solving NLS ill-posed problems
was proposed to this paper. Experiments using simulated data and actual survey
data on an old bridge which need to be repaired proved the good performances of
the developed method, which can also be used in many other NLS applications such
as bundle adjustment problems with photogrammetry.

Keywords IGN method � Matrices equivalence � Ill-posed problem �
Regularization � Nonlinear least squares

1 Introduction

Linear least squares (LS) methods and nonlinear least squares (NLS) methods have
been widely used in various applications in geosciences [1–5]. For example, in
trilateration network adjustment, free network adjustment, and sequential adjust-
ment, the nonlinear least squares methods will be used [6–9]. The traditional
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method for processing surveying data is to transfer the nonlinear functions into
linear ones using the approximations of the unknown parameters from the
well-known Taylor expansions [7, 10, 11]. To solve an NLS problem in surveying
adjustment, numerical iteration methods were generally employed such as the
Newton method [12], Gauss-Newton method [11], and Modified Gauss-Newton
method [12].

However, the NLS methods may have ill-posed problems in many actual survey
adjustment applications [13, 14]. Recently, increasing research has been performed
to study nonlinear ill-posed problems. They mainly focused on the nonlinear
equations [14, 15], ordinary differential equations, and partial differential equations
[16, 17]. New adjustment algorithms were presented to estimate the parameters of
nonlinear function models. Salahi [18] presented the robust optimization framework
which includes the errors in problem data. Peris et al. [19] analyzed deeply and
widely the convergence of a modified Newton method. Liu [20] proposed an
optimally scaled vector regularization method (OSVRM) to solve the ill-posed
linear problems, which is better than the Tikhonov regularization method. Neuman
et al. [21] proposed implementations of range-restricted iterative methods for linear
discrete ill-posed problems. Wei et al. [22] studied the effective condition number
for weighted linear least squares problems and applications to the Trefftz method.
Lutskii [23] studied the condition number of the matrix of the double-period
method. Vasin [24] analyzed the Lavrentyev regularization method and
Newton-type process for nonlinear ill-posed problems. Diana et al. [25] studied the
nonlinear ill-posed problem in model-based parameter estimation and experimental
design. Muoi et al. [26] proposed a descent gradient methods for nonsmooth
minimization problems in ill-posed problems.

However, the nonlinear ill-posed problems have not been systematically and
extensively studied at this time, particularly for survey adjustment applications.

This paper presents an improved NLS method to solve ill-posed problems for
surveying adjustment. The ill-posed problems generally seen in NLS methods are
first described and analyzed. An improved Gauss-Newton method is developed by
adding stable functions to the Gauss-Newton method based on regularization the-
ory. This method solves the difficulties that lead to non-convergence of the solution
due to the rank deficiency and ill-conditioned problems in the numerical iterative
process of the Jacobian matrix. This paper describes the procedures of the improved
Gauss-Newton method and applies it to solving the nonlinear adjustment of free
networks with rank deficiency. Expressions of matrices equivalence for regular-
ization Jacobian matrices in solving NLS ill-posed problems were given.
Experimental analysis is conducted to evaluate the developed method and experi-
mental results proved its good performance.
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2 Ill-Posed Problem in the NLS Methods

The most distinct ill-posed problem in the NLS methods is the non-convergence
problem of the algorithm. For example, assuming F is a measure space, in which
RðXÞ is a given continuous function. The task of seeking the minimal value of RðXÞ
in space F is to find an element X0 2 F while RðXÞ reaches its minimum R0.
Assuming there is a unique solution X0 and considering Xnf g is a minimizing
sequence, then the procedure can be expressed as lim

n!1R Xnf g ¼ R0.

For the above procedure, if all the minimizing sequences Xnf g converge to the
element X0, then the problem of seeking the minimal value of RðXÞ in space F is a
stable problem. Otherwise, if the method is not solvable or not stable for seeking the
minimal value of RðXÞ in space F, then it is an ill-posed problem.

In the NLS methods, the ill-posed problem is also expressed when the mini-
mizing sequences cannot converge to a specific element X0. For example, in the
numerical iteration methods solving NLS problems such as the Newton method and
the Gauss-Newton method, the Jacobian matrix generally needs to be inverted for
the calculation. However, if the matrix is ill-conditioned or singular, minimizing
sequences cannot converge to a unique solution X0. It should be noted that this
ill-posed problem widely exists in the NLS methods in survey adjustment.

3 An Improved Gauss-Newton NLS Method

The general solution for solving a nonlinear least squares problem can be expressed
as follows:

VTV ¼ Vk k2¼ min f ðxÞk k2 ð1Þ

where V is the residual vector, VT is the transposed matrix of V . Vk k2 is the
residual sum of squares. f ðxÞ ¼ ðf1ðxÞ f2ðxÞ � � � fnðxÞÞ, in which fiðxÞ is a nonlinear
function of x. Equation (1) is assumed to have a real solution and function f :
Rn ! Rm is assumed to be at least twice continuously differentiable.

To solve an NLS problem in surveying adjustment, the Gauss-Newton method
[11] or Modified Gauss-Newton method [12] were generally used. Considering the
basic Eq. (1) and the linearizing of xk, the following linear least squares equations
can be derived [15]:

VTV ¼ min
p2Rn

f ðxkÞþ JðxkÞpk k2 ð2Þ

where V is the residual vector, JðxkÞ is the Jacobian matrix. When JðxkÞ is
rank-deficient or ill-conditioned, standard methods such as the Levenberg-
Marquardt or the subspace minimization methods using stabilization to obtain a
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good search direction will fail. Moreover, these methods are not efficient when the
problem is rank-deficient or very ill-conditioned at the local minimum. Therefore,
this paper first studies the regularization of the NLS problems and then presents an
improved Gauss-Newton method to solve the ill-posed problems.

3.1 Regularization of NLS Problems

One key step for constructing a regularization formula is to define a stable function

lXðxÞ. Tikhonov [14] presented a stable function: lXðxÞ ¼ l
Pn
i¼1

piðxi � x0i Þ2,
where l is a regularization parameter, XðxÞ is a stable function of x, and pi is the
weight value. The stable functional can be used to help obtain stable results for
Eq. (1). However, the key point here is how to construct a stable functional for a
specific NLS problem.

Based on the characteristics of the NLS problem solved by the Modified
Gauss-Newton method [12], this paper presents a new stable function lXðxÞ as
follows:

lXðxÞ ¼ l2 xk � xk�1k k2 ð3Þ

where l is a regularization parameter, XðxÞ is a stable function of x, xk is the k time
iterative value, and x0 is the initial iterative value. Thus, the regularization equation
for the NLS problem is:

minFlðxÞ ¼ min f ðxÞk k2 þ l2 xk � xk�1k k2 ð4Þ

3.2 The Improved Gauss-Newton Method Solving
the Ill-posed Problems

By incorporating Eqs. (4), Eq. (2) can be rewritten as:

VTV ¼ min
x

f ðxÞ
lðxk � xk�1Þ

� �����
����
2

ð5Þ

In Eq. (5), if we linearize f at xk , the new linear least squares equation can be
derived as:

VTV ¼ min
p

JðxkÞ
lI

� �
pþ f ðxÞ

lðxk � xk�1Þ
� �����

����
2

ð6Þ
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Equation (6) is a full rank matrix solving the linear least squares problem. The
solution can be obtained through normal equations for a specific regularization
parameter l.

T ¼ TTikh
k ðlÞ ¼ ðJTðxkÞJðxkÞþ l2IÞ�1ðJðxkÞ; lIÞ fk

lðxk � xk�1Þ
� �

ð7Þ

The above-described method is called the improved Gauss-Newton
(IGN) method. The iterative equation for IGN is defined as:

xkþ 1 ¼ xk þ kðkÞTTikh
k ðlÞ ð8Þ

where TTikh
k is given by Eq. (7).

3.3 Matrices Equivalence for Regularization Jacobian
Matrices

In Eq. (7), ðJTðxkÞJðxkÞþ l2IÞ is called a regularization Jacobian matrix. The
condition number of the Jacobian matrix would be reduced by the regularization
parameter l. But, in some conditions, when l is a specific value, the condition
number of the regularization Jacobian matrix is still larger.

Let JlðxkÞ¼ðJTðxkÞJðxkÞþ l2IÞ, a is a parameter, and a[ 0, we have

I ¼ JlðxkÞðJlðxkÞÞ�1 ð9Þ

Expression (9) can be rewritten as:

I ¼ ðJlðxkÞþ aI � aIÞðJlðxkÞÞ�1 ð10Þ

Thus, expression (10) can be rewritten as:

I ¼ ðJlðxkÞþ aIÞðI � ðJlðxkÞþ aIÞ�1aIÞðJlðxkÞÞ�1 ð11Þ

From expression (10), we have

ððJlðxkÞþ aIÞÞ�1 ¼ ðI � ðJlðxkÞþ aIÞ�1aIÞðJlðxkÞÞ�1 ð12Þ

So we have

ðJlðxkÞÞ�1 ¼ ðI � ðJlðxkÞþ aIÞ�1aIÞ�1ðJlðxkÞþ aIÞ�1 ð13Þ
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How to compute the parameter a is an important problem. It is well known that
the condition number of a nonsingular square matrix JlðxkÞ with respect to a given
matrix norm �k k is defined as:

CondðAÞ ¼ JlðxkÞ
�� ��� ðJlðxkÞÞ�1�� �� ð14Þ

Assume maximum eigenvalue of the ill-conditioned matrix JlðxkÞ is kl�max, the
minimal eigenvalue is kl�min. Then the condition number of the matrix JlðxkÞ
which we adopt is jkl�maxj

jkl�minj. The maximum eigenvalue of the matrix ðJlðxkÞþ aIÞ in
expression (13) is kl�max

�� ��þ a, the minimal eigenvalue is kl�min
�� ��þ a. The max-

imum eigenvalue of the matrix ðI � ðJlðxkÞþ aIÞ�1aIÞ is kl�maxj j
kl�maxj jþ a

, the minimal

eigenvalue is kl�minj j
kl�minj jþ a

.

Condition number of the matrix ðJlðxkÞþ aIÞ is

kl�max

�� ��þ a

kl�min

�� ��þ a
ð15Þ

Condition number of the matrix ðI � ðJlðxkÞþ aIÞ�1aIÞ is

kl�max

�� ��
kl�max

�� ��þ a
=

kl�min

�� ��
kl�min

�� ��þ a
ð16Þ

Let expression (15) equal to expression (16), we have

kl�max

�� ��þ a

kl�min

�� ��þ a
¼ kl�max

�� ��
kl�max

�� ��þ a
=

kl�min

�� ��
kl�min

�� ��þ a
¼ kl�max

�� ��ð kl�min

�� ��þ aÞ
ð kl�max

�� ��þ aÞ kl�min

�� �� ð17Þ

Then, we can get the expression for a is

a ¼¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
kl�max

�� ��
q

�
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
kl�min

�� ��
q

¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
kl�maxkl�min

�� ��
q

ð18Þ

Expression (13) presents an infinite separation formula for the regularization
Jacobian matrix. For the first step, we have the condition number of matrices
ðJlðxkÞþ aIÞ and ðI � ðJlðxkÞþ aIÞ�1aIÞ are both equal to the square root of the
condition number of a matrix JlðxkÞ, the second step, separate matrix ðJlðxkÞþ aIÞ
and ðI � ðJlðxkÞþ aIÞ�1aIÞ according to expression (13), we can get four

sub-matrices which condition number is equal to jkl�max j
jkl�minj

� �1
4

. In turn separation, we

can get sub-matrices which condition numbers are jkl�maxj
jkl�minj

� �1
8

, jkl�maxj
jkl�minj

� � 1
16

, jkl�maxj
jkl�minj

� � 1
32

…
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4 Experimental Analyses

4.1 Experiments for General NLS Problems

A nonlinear adjustment model Li ¼ x1eix2 was first used to examine the perfor-
mance of the developed method. The true values of x1 and x2 are
x ¼ ½5:420136187;�0:25436189�. Five true values of Li (calculated from the x
values) and five corresponding independent observed values are listed in Table 1.

This NLS problem is an ill-posed problem. Several methods were used to solve
this problem such as the Gauss-Newton method. When the initial value is
x0 ¼ ½3:4;�0:8�, the Gauss-Newton method cannot obtain convergent results.
Using the developed IGN method, the calculation iterates 15 times, and the residual
is VTVðx15Þ ¼ 0:000007. The results x15 ¼ ½5:422746;�0:255672� can be consid-
ered as the actual solution. The detailed calculation steps and results are listed in
Table 2.

Another nonlinear adjustment model QðbÞ ¼ Pm
j¼1

½f ðxj; bÞ � yj�2 given by Gloub

and Pereyra [27] was also studied using the developed IGN method. In the model,
f ðxj; bÞ ¼ b2Sinðxjb1Þþ b2, yj ¼ SinðxjÞ ðj ¼ 1; 2; . . .; 13Þ values of xj are given in
Table 3.

This problem is also an ill-posed NLS problem. The Modified Gauss-Newton
method cannot obtain a convergent solution for this problem [12]. The IGN method
developed in this paper was used to solve this problem. The initial value was set as

Table 1 True values and observed values of Li

1 2 3 4 5

True value 4.202834 3.258924 2.527006 1.959469 1.519394

Observed value 4.20 3.25 2.52 1.95 1.51

Table 2 Calculation of xk and VTVðxkÞ
k 6 9 12 15

x10 ¼ 3:4 5.351557 5.375510 5.422610 5.422746

x20 ¼ �0:8 −0.511283 −0.251217 −0.255668 −0.255672

VTVðxkÞ 7.382734 0.001206 0.000007 0.000007

Table 3 Values of xj

j 1 2 3 4 5 6 7 8 9 10 11 12 13

xj 0.105 0.25 0.4 0.55 0.7 0.9 1.1 1.25 1.35 1.45 1.55 1.57 1.6
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b0 ¼ ½0:5; 0:5; 0:5�. After iterating 2000 times, the results were obtained as follows:
VTVðb2000Þ ¼ 0:000327, b2000 ¼ ½0:999; 0:992; 0:001�. The detailed calculation
steps and results are listed in Table 4.

4.2 Experiments for Survey Adjustment

The developed IGN method was also employed in actual survey adjustment
applications. Figure 1 is a trilateration network. The coordinates of E;F;G in Fig. 1
are XE ¼ 6613:389, YE ¼ 63471:447; XF ¼ �10601:272, YF ¼ 69734:761;
XG ¼ 14781:825; YG ¼ 65325:492. The observed values for lines 1, 2, and 3 are
l1 ¼ 5048:401, l2 ¼ 3258:132, l3 ¼ 4270:691. From E;F;G, l1, l2, and l3, the
coordinates H can be derived through an NLS calculation.

Using the developed IGN method to solve this problem, after iterating nine
times, we obtained the value of VTV ¼ 0:04, XH ¼ �10669:387, YH ¼ 66477:332.
The calculated results are very close to the actual coordinates of H, which are
Xd
H ¼ 10669:304, Yd

H ¼ 66477:301.
Another experiment was performed to solve the NLS problem for a quadrilateral

survey adjustment problem used for deformation monitoring of an old bridge which
need to be repaired in Guangdong province in China. The observed values and

Table 4 Calculation results of bk and VTVðbkÞ
k 800 1200 1600 2000

b10 ¼ 0:5 0.999152 0.999294 0.999382 0.999442

b20 ¼ 0:5 0.987929 0.990045 0.991332 0.992219

b30 ¼ 0:5 0.002164 0.001798 0.001573 0.001418

VTVðbkÞ 0.000792 0.000537 0.000406 0.000327

Fig. 1 A trilateration
network
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coordinates of the survey network are listed in Table 5. This survey network is a
typical rank-deficient free trilateration network.

The following procedures were carried out to solve the ill-posed NLS problem
for this rank-deficient free trilateration network:

(1) To select the initial value of x0 and calculate VTVðxkÞ;
(2) To linearize the nonlinear model at xk;
(3) To compose normal equation with general indirect adjustment; if k ¼ 0, then

calculate lk ¼ trðJTðxkÞJðxkÞÞ;
(4) To calculate kk according to kk ¼ ðf ðxkÞ�LÞTJðxkÞJTðxkÞðf ðxkÞ�LÞ

2ðf ðxkÞ�LÞTJðxkÞJTðxkÞJðxkÞJTðxkÞðf ðxkÞ�LÞ ;

(5) To calculate xkþ 1 using Eq. (8);
(6) To calculate lkþ 1 by lkþ 1 ¼ trðJTðxkÞJðxkÞÞ

ffiffiffi
k

p
, k[ 0;

(7) To calculate minFlðx1Þ and minFlðx0Þ, if minFlðx1Þ �minFlðx0Þ � 0.0001,
then turn to step 8, if not, let x0 ¼ x1, turn to step 1;

(8) To output xkþ 1 and VTVðxkþ 1Þ.
Using the above procedures and after nine iterations, convergent results were

obtained, which were compared with the results derived from another method, the
Modified Gauss-Newton method [12]. The detailed results are listed in Table 6.

When using the developed IGN method, we can produce the result of
VTVðxkþ 1Þ ¼ 0:000002720, which shows a great improvement compared with the
MGN method.

Figure 2 shows the detailed condition numbers and determinant values of the
matrix during the iterations for the MGN method and the developed IGN method.
The condition numbers and determinant values of a matrix determine the stability
when calculating the inverse of the matrix. Larger condition numbers indicate larger
instability. Smaller determinant values indicate larger instability.

Table 5 Observed values
and coordinates of the
network

Coordinates (m) Observed values of
Li (m)

XA ¼ 0 YA ¼ 0 L1 ¼ 221:413

XB ¼ 221:413 YB ¼ 0 L2 ¼ 279:080

XC ¼ 191:873 YC ¼ 202:658 L3 ¼ 200:446

XD ¼ �100:683 YD ¼ 173:324 L4 ¼ 365:770

L5 ¼ 204:800

L6 ¼ 294:024

Table 6 Comparison of the results

Method XA YA XB YB XC YC XD YD
MGN method 0.00 0.00 221.413 −0.0 191.874 202.657 −100.684 173.324

IGN method 0.00 0.00 221.415 0.00 191.873 202.658 −100.684 173.324
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From Fig. 2, we can see that the condition number of the matrix reaches a
maximum of 7 � 1017 and the determinant values reach a minimum of 1 � 10−46

for the MGN method, which indicates the significant instability in the matrix cal-
culation for this method. For the IGN method, significant improvements for the
condition numbers and determinant values of the matrix are obtained, which shows
the good performance of the IGN method.

Fig. 2 Condition numbers and determinant values in the iterative process. a Condition number
using MGN method, b determinant value using MGN method, c condition number using IGN
method, and d determinant value using IGN method
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5 Conclusions

Along with the increasing applications of surveying adjustment, it is very important
to understand the ill-posed attribute of NLS problems and to find ways to solve the
ill-posed NLS problems. This paper analyzed the problem and comes to the fol-
lowing conclusions:

(1) Based on the regularization theory, a new stable function was developed to help
obtain stable results of the NLS problems,

(2) An improved Gauss-Newton method incorporating the developed stable func-
tion was implemented with the capability of solving the ill-posed problem of
NLS applications,

(3) Matrices equivalence between regularization Jacobian matrices in solving NLS
ill-posed problems was proposed,

(4) Experiments using simulated data and actual survey data proved the good
performance of the developed method.

It should be noted that, although this study mainly focuses on ill-posed problems
of NLS applications, the idea can be used in many other applications such as the
bundle adjustment problem with photogrammetry. Future work will investigate the
selection strategy for the regularization parameters.
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Study on Safety Analysis of the Adjacent
Operation Tunnel Under the Blasting
Load

Xiu-zhu Yang, Yu-ming Zhao, De-xin Song and Yong-jun Huang

Abstract In order to study the dynamic response of the operation tunnel lining and
the accuracy of taking strains as the controlling parameter when the adjacent rock
was blasted, field experiments were carried out based on the blasting excavation of
a new closely spaced tunnel engineering in Zhangjiajie. Meanwhile, particle
vibration velocity in the surrounding rock at different distances from the explosion
source was simulated through the dynamic finite element method. On the basis of
vibration velocity field measured and numerical calculated, the propagation process
of shock wave and strains and stress state of existing operation tunnel lining were
analyzed at the key position. The comparison with field monitoring data indicates
that the maximum vibration speed occurs at the radial direction of tunnel wall
facing the blasting side, making defects of the tunnel lining easy to deteriorate. The
vibration velocity decreases nonlinear along with increase of distance away from
explosion source. Impact on tunnel wall facing the blasting side and arch lining is
more serious when the adjacent rock was blasted. Through the study, the vibration
velocity and strains as double controlling factors are credible in the actual near
distance blasting engineering. The work of the study can provide a significant
reference to similar projects.
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1 Introduction

With the rapid development of transportation, most of the existing road main lines
are unable to meet the growing needs of traffic and transportation in China. More
and more single line roads need to be rebuilt as double-line. Due to the constraints
of geological conditions and surrounding environment, the distance between the
new tunnel and the existing tunnel is limited. The energy released is propagated in
the surrounding rock in the form of stress wave, when the new tunnel is excavated
by methods of drilling and blasting, which leads to strain. At the same time, the
existing tunnel was built under different geological conditions and technical levels.
It has gone through different periods, and almost into “old age.” The spatial location
of the tunnel as was shown in Fig. 1, which also shows the defects of the adjacent
existing tunnel. The blast with a near distance is harmful to an existing tunnel,
which easily causes tunnel vault and sidewall cracking and influences safe and
stable operation to the existing tunnel. Therefore, it is very important to analyze the
dynamic response of the adjacent tunnel lining under blasting load and to make
necessary control for the blasting excavation.

Similar study has been done at home and abroad on the impact of short distance
blasting [1–4]. Some questions that the dynamic response of the existing tunnel
lining and surrounding rock are studied under the blasting load, on the basis of the
existing research theory and a newly closely spaced built tunnel. The method of the
field test and the numerical calculation is fully used in the thesis. And the reliability

Existing  line

New-built line

Tunnel Bidding Section

Crack and

seepage

Existing tunnel

Fig. 1 Mapping space position
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is studied through theoretical transformation when strain as a safety control factor.
The work of the study has a significant reference to similar projects.

2 Field Measurement

2.1 Engineering Situation

The newly tunnel is parallel to the existing operation tunnel, the excavation size is
14 m * 9.6 m, and the surrounding rock is mainly grade IV. The existing operation
tunnels with composite lining were built in the 1980s. There are some cracks and
seepage defects. The research section distance 25 m from the new tunnel and step
method was used in the process of excavation. The total of the blasting holes in the
upper stage is 192, the diameter of the gun hole is 42 mm, and the diameter of the
reel is 32 mm. In a word, the method of continuous decoupling charging was used
in the engineering. The layout of the gun holes was shown in Fig. 2. In which, the
number of cutting hole with vertical wedge is 6. The depth of cutting holes is 4.2 m
and the length of charging is 3.2 m. Beyond that, the number of breaking holes
(detonators are MS-3, 5, 7, 8, 9, 10, 11, 12) and the contour holes (the detonators
paragraph are MS-13, 14, 15) is 108 and 78, its’ depth is 3.5 m. The designer
adopts 2# rock emulsion explosive with continuous uncoupled charge structure in
excavation. At the same time, total charge Q = 228 kg, the maximum explosive
volume for single segment is 25 kg and cutting hole charge volume is 16.8 kg. The
detonating sequence is the cutting hole to breaking hole to contour hole, applying
hole delay initiation network. And the delay detonator is installed in each hole
according to the design paragraph (the Rome numbers in the hole layout is

Fig. 2 Blast hole layout of new-built tunnel
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corresponding to the dan detonator). The detonators of each hole are connected in a
cluster parallel connection. Outside the hole, all detonators are detonating by MS1
detonator. Blasting design parameters were shown in Table 1.

2.2 Vibration Speed Collection and Analysis

The Blast-UM is used to collect the vibration velocity of the existing tunnel lining
adjacent blasting. The instrument is arranged in some points along the heading
direction with the blasting face as the center. The measurement points are mainly
located at the height of 0–2 m from the road on the existing tunnel wall. Two lines
are arranged symmetrically on the lining of the existing tunnel each time. Each
measuring line contains seven instruments to collect vibration velocity. In which,
the distance between each instrument is 1–5 m. The vibration velocity of the lining
at different heights was collected repeatedly. During the test, the sensor components
were placed close to the tunnel lining with gypsum. The specific arrangement is
shown in Figs. 3 and 4.

At the same time, the new tunnel is excavated by step method. When the down
step is excavated, the effect of the surrounding rock is smaller because of the larger
surface, and the elastic wave is far less than the amount of the blasting in the upper
step. Therefore, the paper mainly takes into account the fact that the radial velocity
of the existing tunnel lining when the new tunnel upper bench blasting. In the newly
built tunnel, the measured value of the vibration speed of the near operating tunnel
lining is shown in Table 2.

Table 1 Blasting design parameters of circular tunnel

Initiation
sequence

Blast
hole
type

Detonator
series

Blast hole
diameter
(mm)

Charge
diameter
(mm)

Space of
boreholes
(mm)

Length
of charge
(m)

Delay
time
(ms)

1 A MS1 42 32 400/900 3.2 0

2 B MS3 42 32 700 2.8 50

3 B MS5 42 32 700 2.8 110

4 B MS7 42 32 700 2.8 200

5 B MS8 42 32 700 2.8 250

6 B MS9 42 32 700 2.8 310

7 B MS10 42 32 700 2.8 380

8 B MS11 42 32 700 2.8 460

9 B MS12 42 32 700 2.8 550

10 C MS13 42 32 700 2.8 650

11 C MS14 42 32 700 2.8 760

12 C MS15 42 32 450 2.2 880

Note A are cutting holes, B are breaking holes, C are contour holes
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Fig. 3 Cross-sectional layout of vibration velocity collecting points

Fig. 4 Plane layout of vibration velocity collecting points

Table 2 Measured vibration velocity of existing tunnel lining

Distance from D1 (m) Distance from road (m)

Vibration velocity facing the
blasting sidewall

Vibration velocity back facing
the blasting sidewall

2.0 1.5 1.0 0.5 0.0 2.0 1.5 1.0 0.5 0.0

0 6.54 6.87 6.24 5.93 5.5 1.04 0.90 0.80 0.90 1.05

1.5 5.91 6.18 5.72 5.49 5.02 0.85 0.67 0.75 0.82 0.98

3.0 5.29 5.48 5.12 4.9 4.53 0.75 0.59 0.65 0.70 0.85

6.0 4.28 4.55 4.02 3.9 3.5 0.56 0.40 0.48 0.53 0.68

10.0 2.9 3.21 2.79 2.69 2.26 0.38 0.23 0.30 0.34 0.48

15 2.09 2.26 1.95 1.8 1.41 0.22 0.12 0.16 0.20 0.30

20 1.63 1.75 1.52 1.41 1.16 0.14 0.06 0.09 0.12 0.20

Note Vibration velocity unit cm/s
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It is assumed that the acquisition point of the D1 is zero, and the other collection
points are arranged in order of 1.5, 1.5, 3, 4, 5, and 5 m in the direction of the new
tunnel excavation. The vibration velocity of the existing tunnel lining is obtained, as
shown in Figs. 5 and 6.

Through the preliminary analysis of the vibration velocity measured data, some
conclusions can be found. The vibration speed of the existing tunnel lining
decreases nonlinear along the new tunnel excavation direction during the upper
benching excavation in the new tunnel. And the section of the existing operation
tunnel facing blasting side is affected more seriously. Meanwhile, the peak vibration
velocity occurs at the height of the 1.5–2.0 m from the existing pavement reaching
to 6.87 cm/s, in the range of standard safety value (10 cm/s). The peak vibration
velocity on the tunnel lining back facing blasting side is less than 15% of it on the
facing explosion side, which is very little influenced by the blasting construction.
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Therefore, based on the measured data and the existing research results, this paper
mainly focuses on the dynamic response of the lining on the blasting side of the
operating tunnel when the new tunnel is blasted on the upper bench.

3 Numerical Calculation

3.1 Calculation Model

The designed excavation size of the new tunnel is 9.8 m * 14 m, and the dynamic
response of the existing tunnel lining is calculated through plane strain dynamic
finite element method. In order to weaken the influence of the boundary, the model
size is 5 times the excavation size along the horizontal and vertical, which is
200 m * 160 m, and the D-P constitutive is selected for the rock material. At the
same time, based on the principle of Saint-Venant load equivalence, the blasting
load is applied to the tunnel wall in the center of the roll, and the calculation model
is shown in Fig. 7. The left side of the picture is the new tunnel, and the right side is
the existing tunnel. Yilmaz and others [5–9] found that under the dynamic load, the
ultimate compressive strength and Young’s modulus increase with the shortening of
the loading time. When the loading time decreases from 100 to 0.03 s, the strength
and Young’s modulus are, respectively, increased by 30–56% and 20–25%.
Therefore, the numerical calculation of this paper assumes that the Young’s
modulus of the surrounding rock increases to 3 times under the explosive load; the
strength and modulus of the tunnel lining are, respectively, increased by 50% and
25%, and the Poisson’s ratio is reduced to 0.8 times. The dynamic parameters of the
surrounding rock and tunnel lining are shown in Table 3.

3.2 Blasting Load

The process of determining blasting load is the foundation to analyze the dynamic
response of the rock mass and tunnel lining. There are some relevant researches on
the blasting load. In this paper, the blasting load is studied by using the equivalent

Fig. 7 Schematic of the
numerical model
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principle of Saint-Venant and others [10]; Lu and Yang and others [11, 12] based
on the existing research results, use the triangle function to describe the blasting
load change course, use the equivalent method to study the blasting load. The
method has achieved good results. The dynamic response of the surrounding rock is
studied under the circular tunnel blasting load and the transient unloading [13, 14]
such as Fan, Lu, Heffernan et al. The results are in good agreement with the actual
situation. In order to further verify the accuracy of the triangular time history load,
the paper uses the triangle blasting dynamic load shown in Fig. 8. There are two
main factors to be identified for the load form, which are the peak value of blasting
load, the blasting load period. The peak value of blasting load is determined, in
other words, it is to determine the peak pressure. Under the condition of C-J
detonation, the columnar radial uncoupling charging blasting load pressure peak
value acting on the hole wall can be calculated from Eq. (1).

PD ¼ qeD
2

2ðcþ 1Þ
dc
db

� �2c

ð1Þ

where qe is the density of explosives, D is the detonation velocity of explosives, and
c is the isentropic index of explosives. In this paper, c = 3.0, dc and db are taken as
charge diameter and hole diameter, respectively.

In the near area of the explosion source, the rock mass is usually regarded as the
fluid. According to the attenuation law of the shock wave, the blasting load pressure

Table 3 Material properties in the finite element calculations

Properties Surrounding rock Composite lining

Bulk density (kN/m3) 23.0 25

Dynamic elastic modulus E (GPa) 45 40.0

Dynamic Poisson ratio (l) 0.28 0.25

Internal friction angle u (°) 40 –

Cohesion C (MPa) 0.2 –

Uniaxial compressive strength, rc (MPa) 60 30

Uniaxial tensile strength, rt (MPa) 5 2

Fig. 8 Curves of blasting
load
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on the wall of the hole is applied to the tunnel wall, and the equivalent load peak
value on the tunnel wall is obtained through the following Eq. (2).

pr ¼ PD�r
�a ð2Þ

where �r ¼ r=rb, in which r and rb are the distance from the center of the medicine
chamber and the diameter of the borehole; a is the pressure attenuation index,
a = 3.0. The initial blasting load peak value on the tunnel wall is calculated by
using the upper formula and the parameters of Table 4. Using the upper formula,
the corresponding initial peak value blasting load on the tunnel wall is calculated.
Pr = 10 MPa. In accordance with the parameters of explosive and the treatment of
Li et al. [15], the lifting time is taken as 20 ms, the duration of blast stress wave is
150 ms, and the numerical calculation is carried out.

3.3 Boundary Treatment

In the numerical calculation model, the viscoelastic boundary proposed by Jia and
others [16] is used to replace the continuous state of the original medium to realize
the propagation and radiation of energy. The viscoelastic artificial boundary is
realized by applying a spring-damper element on the boundary node, and it is
necessary to calculate the spring stiffness and damping coefficient on the basis of
relevant parameters of the formation. The natural frequency of rock and tunnel
structure is solved by modal analysis, and then the time history analysis is added to
the model by adding the time history load of blasting. The dynamic response of
surrounding rock and lining under blasting load is obtained. Finally, the corre-
sponding results are compared with the measured values. In order to define the
viscous boundary, it is necessary to calculate the corresponding spring stiffness and
damping coefficient of the rock mass in normal and tangential directions. The
calculation process of spring stiffness and damping coefficient is as follows:

KBN ¼ aN
G
R

CBN ¼ qcp ð3Þ

KBT ¼ aT
G
R

CBT ¼ qcs ð4Þ

Table 4 Explosive parameters

Name Density
(kg/m3)

Detonation
velocity (m/s)

Length of
slime (m)

L-wave velocity of
rock (m/s)

2# rock emulsion
explosive

1000 3200 0.8–1.2 3000
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where KBN and KBT are, respectively, normal and tangential spring stiffness; CBN

and CBT are normal and tangential damping coefficients, respectively; G is the
medium shear modulus, G = E/2(1 + t); R is the distance wave source from the
artificial boundary point. The R near the blasting side is taken as 70 m, and the R of
far side is taken as 100 m. q is the medium density. aT and aN are tangential and
normal viscoelastic boundary correction coefficients, respectively. According to
reference [17], aT is taken as 0.4, aN is taken as 0.8, Cs and Cp are C wave and
P-wave velocity, respectively, which can be calculated through Eqs. (5) and (6):

cs ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
E=2qð1þ tÞ

p
ð5Þ

cp ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1� tð ÞE=q 1� 2tð Þ 1þ tð Þ

p
ð6Þ

Based on the above formula, the boundary parameters can be calculated
according to the relevant formation parameters as shown in Table 5.

4 Results Analysis

4.1 Vibration Speed

Through the analysis of measured vibration velocity data, it is known that the tunnel
lining near the tunnel face is influenced most greatly by the construction of a new
tunnel. Therefore, the corresponding location of the tunnel face cutting hole center
is selected for the numerical modeling analysis. After the blasting of the new tunnel,
the propagation of vibration velocity in the surrounding rock along the tunnel face
cutting holes center is calculated as shown in Fig. 9.

After the blasting, the velocity circle will be formed with the center of the
blasting source. The peak vibration velocity appeared in the new tunnel lining
facing the blasting side, and it was gradually transferred to the surrounding area.
The adjacent operation tunnel lining facing the blasting site was affected firstly by
the stress wave. Then the stress waves continue to pass through the vault and the
arch of the existing tunnel, and then extend to the boundary of the surrounding rock
through the back facing blasting side. The peak vibration velocity is compared to

Table 5 Model boundary condition parameters

Parameters Normal direction Tangential

Near
detonating
side

Far
detonating
side

Near
detonating
side

Far
detonating
side

Spring stiffness (m/s) 7.143e7 4.996e7 3.571e7 2.50e7

Damping coefficient
(N s/m3)

7.583e3 7.583e3 3.391e3 3.391e3
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the values measured on the adjacent operation tunnel lining at the different height
from the existing road, as shown in Figs. 10 and 11.

The peak vibration velocity of the existing working tunnel lining is found under
the blasting load, it occurs on tunnel wall and arch section facing the blasting side.
And the preliminary analysis of the measured data is verified. At the same time, the
difference between the numerical analysis and the field measured is about 15%. It
can predict and analyze the dynamic response of the tunnel lining well, and then
extract the stress and strains of the existing working tunnel lining for analysis.

Fig. 9 Cloud diagram of vibration velocity numerical calculation (chart note: 1–4 is T = 0.005,
0.015, 0.02, 0.03 s)
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The numerical analysis shows that the blasting stress wave attenuates rapidly with
the increase of distance in the middle rock, and protection measures should be paid
attention to new tunnel near the blasting source.

4.2 Stress and Strains Analysis

The mechanical state of existing tunnel lining will inevitably change greatly under
the blasting load. Compared with the back facing blasting side, the stress state of the
lining near the blasting source is higher. At the same time, due to the damping effect
of the rock layer, there is a certain delay effect between the internal force of the
tunnel lining and the peak value of the load. Therefore, the stress and strains of the
existing tunnel lining were analyzed when the time of peak load was delayed
0.05 s. The maximum and minimum principal stress and strains of the existing
tunnel lining are shown in Fig. 12.

The calculation results show that after blasting in the new tunnel, the largest
stress and strain occur at the facing blasting sidewall, then pass through the vault
and the inverted arch, last arrive at the back facing blasting lining. The law of
change is similar to the vibration velocity attenuation. At the same time, in order to
verify the accuracy of strains as the control factor, the value of the velocity
vibration at the most dangerous place (the central of the sidewall) is calculated by
using parameters of surrounding rock and the strains calculated by numerical cal-
culation. It is compared with the measured value of the velocity vibration.
According to the dynamics wave theory and the stress and strain state, it is known:

r ¼ qCpv ð7Þ

r ¼ Ee ð8Þ
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where q is the density of rock. Cp is the P-wave velocity in rock. In this paper, Cp is
taken as 3500 m/s. v is the vibration velocity of lining. Based on (4-1) and (4-2), we
can get the formula of vibration velocity theory:

v ¼ Ee=qCP ð9Þ

The vibration velocity of the existing tunnel lining at the critical points can be
obtained through the upper formula. The calculated values are shown in Figs. 13
and 14.

Fig. 12 Cloud image for numerical calculation of stress and strains of the existing tunnel (chart
note: 1–4 express minimum principal stress, maximum principal stress, minimum principal strain,
and maximum principal strain)
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It can be seen that the law of stress wave passing through the existing tunnel is
consistent with the velocity vibration by analyzing the strains. At the same time, the
attenuation rule of vibration velocity calculated by dynamics wave theory is con-
sistent with the measured vibration speed, the former peak value is 7.54 cm/s, and
the later is 6.87 cm/s. And its error is within 15%. The peak value of the vibration
velocity measured is less than the limit value 10 cm/s of the blasting safety regu-
lation. Above all, the strain is used as safety control parameter of the existing
tunnel, the mechanical state of the lining is better understood, and then the new
tunnel blasting is controlled.

5 Conclusion

1. Through the comparison and analysis, it can be found that the peak vibration
velocity occurs on the existing tunnel lining facing blasting side at the height of
1.0–2 m from the road. Protective measures should be paid attention to working
tunnel in actual project.

2. By the numerical calculation, it can be seen that the vibration velocity of the
middle rock decreases obviously with the increase of the burst center distance.
The initial structure vibration velocity near the tunnel face is the largest, and
then stress wave is spread to the existing tunnel. The strengthening measures for
the middle rock should be taken seriously near the new tunnel face.

3. The peak strain of the existing tunnel lining appears in the position of the facing
blasting central sidewall and vault of the tunnel, which is basically consistent
with the analysis conclusion of vibration velocity. When the strains and the
vibration velocity are used as double control factors, the effect of blasting on the
adjacent operating tunnel is more favorable.
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