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Foreword

The edited volume on Frontiers in Geotechnical Engineering comprises invited
lecture contributions of the Indian Geotechnical Conference held at Indian Institute
of Science, Bangalore, during 13–15 December 2018.

Various chapters of the book cover most of the important and emerging topics in
geotechnical engineering. These chapters present an interesting blend of academic
research and industrial case studies, sometimes bridging the gaps between the two.
Some of the fundamental aspects of geotechnical engineering like study of pore
spaces and their role in soil behaviour, characterization of soft clays, dredged fills
and rocks, and seismic site characterization are covered well in some chapters,
while the advancement of technological innovations with respect to geotechnical
applications is demonstrated through studies on geoinfrastructure monitoring, soft
ground improvement, and foundations on tall buildings. Sustainability issues in
geotechnical engineering are covered through a holistic approach, considering
bioengineering aspects and green techniques for soil improvement, energy in buried
pipeline systems, and mitigation of landslides. Studies presented in these chapters
include advanced laboratory testing, centrifuge and other model studies, field tests,
and computational modelling. Some chapters presented a problem-solving approach
for some of the contemporary geotechnical challenges, especially contaminant
transport issues, seismic response of structures, and constructions in soft and
problematic soils. Two of the chapters discuss professional vigilance in investi-
gation, design and construction, and geotechnical education from practice.

All contributions of this book are highly valuable and provide insights into the
contemporary understanding of the state-of-the-art as well as future needs. The
editors need to be congratulated for bringing out this important contribution and
appreciations to authors for the diligent presentation of the knowledge and the
quality in their contributions.

Bangalore, India Prof. G. L. Siva Kumar Babu
President, Indian Geotechnical Society

Professor, Indian Institute of Science
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Preface

It is indeed a great honour and pleasure to be the editor of this book. When I started
inviting the contributing chapters for this book, my expectations were not very
high, considering the limited time we had in our hands. At some point, I feared that
the title Frontiers in Geotechnical Engineering is slightly broader and overambi-
tious. Today, while I am making the line-up of the chapters, all my fears are calmed,
and I am feeling elated to see the depth and breadth of knowledge capsuled into
these 21 chapters. I thank all the contributors for their excellent contributions.
Together, we made this valuable compilation possible.

My goal was to produce a comprehensive book on all important topics in
geotechnical engineering, which is rigorous in terms of scientific content and, at the
same time, interesting for a bigger cross section of readers. This book has some
unique strengths, which make the learning experience interesting. Most of the
investigations reported in the chapters used latest laboratory and field testing
methods, showcasing the rich technological advances in the field of geotechnical
engineering. Though the demonstration of new techniques is highlighted substan-
tially, fundamental aspects of soil behaviour are given utmost importance while
characterizing, testing, and improving soils. Thus, the content will keep the young
as well as established researchers glued on alike. Concepts are established through
theory and analysis, learnt in classrooms, tested in smaller scales through experi-
ments, validated for real field situations through case studies, and extrapolated to
many other possible situations through numerical studies. All these facets are
equally important and indispensable in the context of geotechnical designs and
constructions. This book contains studies on all these aspects and strikes a perfect
balance between conceptual and applied geotechnics, which will interest both
academia and practising industry.

Substantial portions of the book contain studies on fundamental aspects of soil
behaviour and geotechnical characterization. In their chapter “Pores—The Almost
Invisible Part of Soil” (Chap. 1), David Frost and his team demonstrated how the
missing information on pore spaces in soil can be precisely captured through
advanced digital imaging techniques and gained new insights into the role of pores in
soil behaviour. The importance of internal pore fabric and distribution for
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characterizing expansive soils and the use of unmanned aerial vehicles (UAVs) for
geostructural health monitoring is beautifully explained by Anand and his team in
their chapter “Research Advancements in Expansive Soil Characterization,
Stabilization and Geoinfrastructure Monitoring” (Chap. 2). A much-needed new
perspective about the effects of testing method on basic soil properties like liquid
limit, swell pressure, and friction angle is discussed by Robinson in his chapter
“Testing Mode and Soil Parameters” (Chap. 3). Shin and his co-workers in their
chapter “Estimation of Dredged Fill Volume Based on Self-weight Consolidation
Characteristics of Dredged Soil” (Chap. 4) proposed sedimentation consolidation
experiments in place of usual retention tests for the determination of dredged fill
volume. Thakur and Degago illustrated the consequences of sample disturbances on
the estimation of strength and deformation characteristics of soils in their chapter
“Recommended Practice for Soft Clay Characterization with a Focus on Settlement
and Stability Analysis” (Chap. 5). Bharat and his co-workers assessed the effec-
tiveness of different laboratory diffusion studies and theoretical frameworks for
accurately estimating mass transport parameters in their chapter “Insights into
Contaminant Transport Modeling Through Compacted Bentonites” (Chap. 6).
Vanapalli and Al-khazaali in their chapter “Axial Load-Displacement Behavior of
Energy Pipeline Systems in Sand” (Chap. 7) demonstrated the role of matric suction
on the mechanical behaviour of pipeline systems through experimental studies. The
use of digital image correlation techniques for condition monitoring and crack
growth assessment in pavements is described by Sireesh and Kumar in their chapter
“Reflection Crack Assessment Using Digital Image Analysis” (Chap. 8).

Physical modelling is one of the powerful tools in geotechnical experimentation.
The importance of high-g centrifuge modelling for studying the performance of
reinforced soil models is presented by Viswanadham in his chapter “Centrifuge
Model Studies on the Performance of Geosynthetic-Reinforced Soil Structures”
(Chap. 9). The chapter “Soft Ground Improvement—Theoretical, Experimental,
Numerical and Field Studies” (Chap. 10) by Indraratna and his co-workers pre-
sented a comprehensive approach to completely understand the soft soil improve-
ment using prefabricated drains through large-scale testing and numerical studies.

Dynamic testing of soils and seismic site characterization gained new impetus in
recent times due to growing infrastructural needs and awareness on earthquake-
resistant designs. Some of the most important aspects of seismic site characteri-
zation are discussed in “Issues on Seismic Site Characterization” (Chap. 11) by
Prasad and his co-authors. Analytical and numerical studies are presented by
Deepankar and co-workers in their chapter “Dynamic Tunnel–Soil Interaction in
Soft Soils Considering Site-Specific Seismic Ground Response” (Chap. 12) to
understand the complex deformation modes and lining forces of tunnel during a
seismic event, considering local site effects. Dammala and Krishna outlined various
laboratory and field tests to measure the dynamic properties of soils along with the
theoretical formulations involved in these tests.

The use of new materials to enhance the performance of soil structures is a topic
of continuous innovation, and the research in this direction has no boundaries.
Sreedeep and co-workers provided directives to adopt various bioengineering

viii Preface



options in developing sustainable green infrastructure in their chapter “Sustainable
Geotechnics: A Bio-geotechnical Perspective” (Chap. 15). Dasaka and Gade pre-
sented model tests on rigid retaining walls with geofoam inclusions in their chapter
“Recent Developments in Earth Pressure Reduction Techniques” (Chap. 16), to
bring out the beneficial isolation effects of geofoam in reducing the lateral thrust on
retaining walls. The chapter by Vinod and his team on “Cyclic Behaviour of
Scrap-Tyre Soil Mixtures” (Chap. 14) presented a detailed account of cyclic loading
characteristics of soil mixed with tyre chips. In their chapter “Probabilistic Study on
the Geotechnical Behavior of Fiber Reinforced Soil” (Chap. 17), Moghal and his
team carried out a reliability-based study to determine the optimum fibre content
required to stabilize expansive soils through laboratory experiments.

Case studies presented by seasoned industrialists always enhance the quality of
any technical document. This book contains many such case studies, some of them
from ongoing live projects. Ravi Sundaram and his team presented an excellent
case study of a 38-storeyed building in the Indo-Gangetic alluvium in their chapter
“Foundations for Tall Buildings on Alluvial Deposits—Geotechnical Aspects”
(Chap. 18) to emphasize the importance of the quality of geotechnical investiga-
tions. “Sustainable Landslide Mitigation Measures-Demonstration Through a Live
Case Study in Uttarakhand” (Chap. 19) is the chapter in which Minimol and her
team narrated a live case study in Uttarakhand, India, where a comprehensive
landslide mitigation scheme is implemented in complex geological conditions,
giving a complete picture of this case, starting from geotechnical investigations to
instrumentation.

“Geotechnical Education from Field” (Chap. 20) is an experience-based narra-
tive of Anirudhan, which suggests that classroom learning without a feel for real-
istic field problems is futile and how a problem-solving approach can be developed
through collaborative classroom and field learning. In similar lines, in the chapter
by Ranganath and his team on “Role of Professional Vigilance in Design and
Construction—A Case Study of Solar Projects” (Chap. 21), the authors brought out
the importance of professional vigilance in executing geotechnical projects, with an
example case study.

I would like to thank Springer for publishing this book, Swati Meherishi for
encouraging me to produce the book, and TCA Avni for helping in publishing the
book. My sincere thanks to my colleague and President of Indian Geotechnical
Society, Prof. Siva Kumar Babu, for writing the foreword for this book.

Bangalore, India Prof. Madhavi Latha G.
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Chapter 1
Pores—The Almost Invisible Part of Soil

J. David Frost , Nimisha Roy, Mahdi Roozbahani, Ye Lu, Jie Cao
and Prashanth Vangla

1.1 Introduction

Soil mechanics has been practiced as a field of endeavor for about a century [1]
although some of the theories utilized in the application of soil mechanics date back
two centuries and more [2, 3]. The practice of soil mechanics today involves soil
characterization (laboratory and field methods), analytical design methods, numer-
ical simulation methods, construction control, and performance monitoring, among
others. In each of these stages, techniques are used which predominantly focus on the
soil as a multiphase material consisting of particles (solids) and pores (either fluid-
filled, gas-filled, or filled with a combination of fluid and gas). In the development of
soil mechanics, the fact that particles were physical objects whose individual sizes
and size distributions could be readily quantified, even if the soil was disturbed, led
to them being routinely dominant in the description of the soil and their subsequent
association with the engineering properties of the soil such as strength, deformation,
and hydraulic conductivity. While recognized to be important in the response of the
soil also, the inability to quantify pores individually led to them being effectively
ignored and only the total volume of pores is typically quantified and referenced in
subsequent engineering analyses.
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2 J. David Frost et al.

1.2 Digital Reconstruction

The emergence of the digital age has opened up new paradigms for the study of soils.
The historical vestiges can effectively be eliminated if the soil is first transformed
into a digital equivalent of the physical soil. Emerging techniques including optical
microscopy combined with image montage, serial sectioning and image stacking,
and X-ray computer tomography have opened the door for such techniques to be
used in soil mechanics. A brief summary of the former method applied to a sand
specimen is provided below.

Reconstruction of a digital soil specimen using optical microscopy involves a
number of sequential steps (Fig. 1.1).

Once a specimen is ready to be reconstructed, its structure is preserved using
a resin impregnation technique. This ideally involves filling the pore space with a
low viscosity resin that cures at room temperature with minimal volume change
upon curing. Once the specimen has been cured, coupons of an appropriate size are
cut from the larger specimen and one surface of each of the coupons is subjected
to a series of grinding and polishing steps to yield a surface suitable for optical
microscopy. A series of overlapping images are captured and stitched together to
create a mosaic image of that surface (Fig. 1.2). This allows a large field of view to
be captured at high resolution.

When the images on a specific surface have been captured, the specimen is sub-
jected to an additional step of grinding and polishing to remove an additional layer

Fig. 1.1 Sample Impregnation technique to prepare soil specimens for serial sectioning
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Fig. 1.2 Surface Preparation and image capture of specimens to create a mosaic image

of resin-impregnated sand. A layer of thickness equal to the size of a pixel in the
image is typically removed.

For sands, this is typically a thickness of between 10 and 20µm to ensure that each
sand grain and each pore is dissected by about 40 to 50 slices to ensure high-fidelity
reconstruction of the desired volume. The new surface is imaged as noted above
to create a montage parallel to the previous one but separated by a distance equal
to the pixel dimensions. This process yields equidimensional voxels and simplifies
any future volumetric calculations. The process of mosaic generation and serial
sectioning is repeated until a stack of montage images from about 600 slices has
been generated (Fig. 1.3).

Upon completion of the image generation and stacking phase, volume rendering
of the soil coupon is accomplished using Avizo which is a general purpose commer-
cial software for scientific and industrial visualization and analysis. An image of a
volume-rendered specimen with a partial cutaway is shown in Fig. 1.4. This volume
was generated using about 12,000 images and contains about 20,000 sand particles
and a comparable number of pores. The volume contains about 1.2 billion voxels
and with a voxel side of about 8 µm represents an actual volume of soil of about
14 mm by 9 mm by 5 mm.
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Fig. 1.3 Demonstration of stacking montage images to create 3D reconstructed structure

Fig. 1.4 Image of a volume-rendered soil specimen

1.3 Digital Dissection—Meso-scale Analysis

Notwithstanding that this volume of soil was reconstructed from 600 slices that had
an area of about 14 mm by 9 mm and the resulting digital volume can be dissected
in any orientation since it is now a voxelized representation of the soil. A schematic
illustrating this process is shown in Fig. 1.5. This redissection process serves to
illustrate the power of conducting studies using a digital representation of the soil
rather than being restricted to using only a physical specimen. Apart from the fact
that the soil can be analyzed from multiple perspectives, it is important to note that
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Fig. 1.5 Illustration of dissection of reconstructed digital volume of a soil specimen

such actions are repeatable and that the identical digital structure can be examined
in multiple different ways.

An interesting illustration of this concept is shown in Fig. 1.6 which schematically
shows a specimen that has a shear band traversing diagonally across the A plane as
illustrated in the sketch. A series of slices were cut through this volume of sand and
are called the A slices. Similarly, slices cut perpendicular to this plane are noted in
the figure as B slices and C slices. It can be envisaged that irrespective of the depth
into the specimen that one of the A slices is recovered from, the porosity of that plane
(area of voids/area of plane) should be relatively constant since each plane will have
the same amount of shear band propagating through it. Similarly, for the B slices, it
can be seen that while the location of the shear band will be different in every slice,
the porosity of that plane should be relatively constant since each B slice should have
about the same amount of shear band propagating through it. However, as a result
of the orientation of the C slices, a different porosity can be expected as the slices
transition from the left of the volume (zero shear band in the slices) to the center
of the specimen (entire slice is contained within the shear band) to the right of the
specimen (zero shear band in the slices again). In that this was a dilatant specimen,
one would expect to see lower void ratio values at the extremities of the specimen
and larger values in the center of the specimen where the slice was fully contained
within the shear zone.

These meso-scale variations in void ratio can be readily seen in Fig. 1.7, which
shows the variations in void ratio of each slice as a function of distance from the edge
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Fig. 1.6 Demonstration of dissection of a sheared soil specimen

of the specimen. It can be seen that, as expected, the void ratio values for the A and
B slices fluctuate about the mean void ratio value of the total specimen. In contrast,
the value of void ratio for the C slices shows a distinct trend that, as expected, shows
lowest void ratio values at the edges of the specimen and highest values for the
slices from the center of the specimen, consistent with the location of the dilatant
shear band. The minor fluctuations about the mean lines for all slices are reflective
of statistical variations controlled by the mean particle size of the sand used in the
specimens and are termed the “packing signature effect”.

The validity and importance of the void ratio variations or “packing signature
effect” introduced in the preceding discussion are verified by a similar analysis
conducted on two idealized particle packing arrangements shown in Fig. 1.8. The
schematic and plots shown in the left-hand side are for a simple cubic-packed struc-
ture. The plot of void ratio versus slice location for the three orthogonal orientations
parallel to the face of the cubic structure is identical. Equally importantly, they illus-
trate that for the planes that pass through the contact points of the particles, the void
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Fig. 1.7 Meso-scale void ratio variations along threemutually perpendicular directions of a sheared
soil specimen

Fig. 1.8 Illustration of packing signature effect of simple cubic and tetrahedral packing
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ratio goes to infinity while for planes that pass through the centers of the particles, it
approaches a low but nonzero value of void ratio.

In contrast, for the tetrahedral packing, the three void ratio profiles are different
and do not reflect the same singularity seen with the simple cubic packing. The fact
that these meso-scale measurements show distinct void ratio patterns as a function of
orientation provides critical new insight into anisotropy in solid and other granular
materials. Equally well, it also shows the limitations of representing the void space
by a single value.

1.4 Sub-volume Visualization

The preceding section of the paper presented new insights into pore structures from a
meso-scale perspective. This analysis was performed on the complete reconstructed
specimen. As previously noted, the fact that the soil exists in a digital format allows
for multiple analyses on the same specimen including sub-specimens extracted from
the full specimen. An additional abstraction that can be performed on the digital
specimen or sub-specimen is the separation of the particle and pore phases and thus
comparison of various properties. This type of subsampling and phase separation is
illustrated in Fig. 1.9.

This figure shows three images of the same volume extracted from a digital soil.
The size of the three volumes is about 300 by 300 by 300 µm. The volume on the
left is what might be termed the continuum representation of the soil that includes
both particles and pores. In contrast, the volume in the center is a representation of
the particles only where the pore filling material has been eliminated. This repre-
sentation is similar to what is generated and used in particulate modeling software
such as those for Discrete Element Modeling (DEM). Finally, the volume on the
right is a representation of the pore volume only where the particles have been elim-
inated. The ability to consider the soil from these different perspectives has created
significant new opportunities to analyze and visualize soils from different scales and
perspectives.

Fig. 1.9 Visualization of subsampling and phase separation of a digital specimen
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1.5 Single Particle and Pore Visualization

In the same manner that digital structures allow for new and unique insights into
soil characterization and behavior, they also provide opportunities for particle and
pore-scale studies. While other techniques such as laser scanning can be used to
generate 3-D high-fidelity representations of individual particles, the generation of a
digital structure can allow for even greater examination of both individual particles
and pores that can be readily extracted from a reconstructed volume. For example,
Fig. 1.10 shows a set of sand grains that were part of a reconstructed volume and
then were subsequently extracted from the digital structure.

It can be seen that despite the fact that the particles were extracted from a digital
specimen that contained about 20,000 particles, the shape and characteristics of the
individual particles are very realistic. In this example, the volume was reconstructed
from a stack of serial montage images that were 8 µm apart and thus given that the
particles had a D50 of about 350 µm, each particle was intersected by about 40 to 50
slices.

In a similar manner, Fig. 1.11 shows a set of pores that were part of the same
reconstructed volume and thenwere subsequently extracted from the digital structure.
A number of interesting attributes can be seen from the individual pore images. First,
the shapes of the pores reveal a set of scalloped surfaces, reflective of the particles
which surrounded them. In general, the pore bodies have primary dimensions that are
smaller than the surrounding particles and equally importantly, are interconnected
by even narrower pore throats. It is of interest to note that these attributes of the pores
are rarely considered in engineering characterization and analyses of soils.

Fig. 1.10 3D particle visualization of digital sand grains
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Fig. 1.11 3D pore visualization between digital sand grains

1.6 Pore Size Distributions

The engineering behavior of soils is often correlated to the mean particle size. At the
same time, other measures of the particle size distribution are better predictors of
engineering behavior. For example, correlation between hydraulic conductivity and
D10 [5] or shear modulus and D5 [6] are often more reliable. The historical lack of
robust measures of pore size distribution including both pore throat and connectivity
has resulted in, for example, conservative empirical correlations for filter designs
in major earth structures. To illustrate the potential merits of determining pore size
distributions in soils, an initial study was performed using four different mono-
sized sphere packing models that were adapted from the work of Dullien [4]. The
descriptions of the models are summarized in Table 1.1 along with the theoretical
packing density.

Table 1.1 Four different
mono- sized packing models
adopted from Dullien (2012)

Model Description Packing density

Very loose random
packing

Spheres slowly
settled

0.56

Loose random
packing

Dropped into bed
or packed by hand

0.59–0.60

Poured random
packing

Spheres poured
into bed

0.609–0.625

Dense random
packing

The bed vibrated 0.625–0.641
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Fig. 1.12 Packing structures with the histograms of their pore size distributions

Figure 1.12 shows images for each of these packing structures along with the
histograms for their pore size distributions [7]. As expected, the mean pore size and
the distributions change as the packing density increases. It is noted that without
particle breakage, the particle size distribution for such a set of packing models
would not change even as the density changed; thus the particle size distribution
does not yield the same insight that the pore size distribution does.

A similar comparison is illustrated for two specimens of real sands as shown in
Fig. 1.13. In the left-hand images, the digital reconstruction of an unsheared specimen
of sand is shown and the pore size distribution is uniformly variable across the entire
volume. The histogram shows the mean and distribution of the pore sizes [7].

In contrast, the images on the right-hand side of the figure clearly show the location
of the shear band traversing diagonally across the specimen. Equally importantly, the
associated histogram of pore size distribution shows a higher mean value, reflective
of the dilation in the shear zone as well as a skewing of the histogram towards a
higher void distribution.

While both the size and distribution of pores in soil are of importance, other
measures of the pore network structure can be equally important in predicting the
engineering behavior of soil. For example, the tortuosity of the pore network paths
has important implications on the genesis and dissipation of pore water pressure in
soils subjected to dynamic loading such as earthquakes and machine vibrations or in
predicting the hydraulic conductivity of a soil. Despite this potential role, tortuosity
has not been considered a critical index property in characterizing soils despite its
obvious relationship to phenomena such as fluid flow and pressure dissipation. With
the availability of digital soils, quantification of such important properties becomes
readily achievable.
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Fig. 1.13 Pore size distribution of unsheared and sheared real sands

Figure 1.14 shows the results of a study conducted on a real soil specimen to
measure the tortuosity in three orthogonal orientations. It can be seen that the distri-
bution of tortuosity for each orientation is different, providing unique insight into the
anisotropy of tortuosity and thus engineering properties that are dependent on fluid
or gas flow in these paths. A similar analysis conducted on sub-volumes extracted
from the sheared specimen of sand is summarized in Fig. 1.15. As illustrated in the
figure, three sub-volumes from inside the shear band, outside the shear band, and in
the transition zone between the shear band and the non-shearing soil are examined.
The histograms of tortuosity for these three sub-volumes show the lowest tortuosity
for the volume from within the shear zone as expected since the particles dilating
would reduce the path tortuosity. Likewise, the sub-volume outside the shear zone
had the intermediate tortuosity that remained essentially unchanged from the initial
specimen structure. The path tortuosity for the sub-volume in the transition zone
had the highest tortuosity value since in that region adjacent to the dilating shear
zone, it is known that the soil behavior contracts thereby bringing the particles closer
together and increasing the path tortuosity.



1 Pores—The Almost Invisible Part of Soil 13

Fig. 1.14 3D tortuosity distribution of a real soil specimen

Fig. 1.15 3D pore structure analysis of a sheared sand specimen

1.7 Conclusions

Through a series of examples, this paper has attempted to show how digital recon-
struction of soils and their subsequent study is opening up new approaches to under-
standing soil behavior and more importantly, the important role that pores and pore
networks have in influencing soil behavior. A number of salient conclusions can be
made:
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• There is much to be learned from studying and understanding pores and pore
networks.

• New transformational technologies are enablers for numerical modeling and vice
versa—both work in “digital” environments.

• We should not continue to ignore pores as a critical factor in our understanding of
the engineering behavior of soils—we can see them now!!

• More importantly, they have a contributing role that we need to understand and
appreciate.

• Do we get anything from studying pores that we cannot get by studying particles
only? The answer to that may vary as function of phenomena we are trying to
study. We should begin by asking ourselves a few simple questions:

– Which requires more energy—crushing particles or collapsing pores? (note we
might want to call this “crushing pores” since they are equally tangible in digital
world!)

– What is more important for liquefaction triggering—collapsing pores or crush-
ing grains?

– Are there always unique relationships between force chains and path tortuosity?
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Chapter 2
Research Advancements in Expansive
Soil Characterization, Stabilization
and Geoinfrastructure Monitoring

Anand J. Puppala , Surya S. C. Congress and Aritra Banerjee

2.1 Introduction and Background

Expansive soils undergo significant volume changes due to variation in precipita-
tion, temperature, and ground-water table causing daily and seasonal fluctuations
in environmental conditions. These volume changes can inflict moderate to severe
damages to civil infrastructure with shallow foundations such as pavements and one
or two storey buildings. Many locations in India and elsewhere around the world
have expansive soils which are either used as subgrade for pavement sections or
are within the influence zone of a structure. Hence, volume changes in these soils
caused primarily by change in moisture regime result in excessive damages to the
geoinfrastructure assets. Mostly researchers and designers resort to simplistic design
and analysis which utilizes basic parameters, such as soil indices, for characterizing
the behavior of expansive soils [1–5].

For instance, it is well-known that two-clayey soils having same index proper-
ties subjected to moisture changes may have different volumetric response due to
difference in clay mineralogies [6]. Hence, using these crude simplification results
in problematic characterization are leading to erroneous pavement or foundation
design. Additionally, the environmental conditions at each site will lead to different
volume change pattern [4, 7–9].

Over the years, it has been observed that there is no decrease in the maintenance
cost involving swell-shrink-induced damage repairs [6]. This has been the motive
behind this paper which identifies some of the recent developments in characteriza-
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tion of expansive soils for developing models which are capable of accurately pre-
dicting the behavior of the soil in field conditions. Other contributions in the paper
focus on new technologies using photogrammetry principles for health monitoring
of transportation infrastructure using unmanned aerial vehicle or UAV platforms.

The characterizations that do not consider the compositional and environmen-
tal conditions for analyzing the behavior of soils generally do not perform well in
predicting soil response. Mineralogy and soil suction are the essential parameters
which are often ignored in contemporary design. However, when these parameters
are considered for design, the effect of environmental conditions on the response
of soils especially during swell-shrink cycles are well predicted [10]. Studies have
shown that the engineering behavior of soils can be better interpreted if the influence
of matric suction or suction stress is taken into account [11, 12]. Pore-size distri-
bution is also an important parameter for studying the hydraulic conductivity and
moisture absorption characteristics [13]. However, the contemporary methodology
used do not consider the pore-size distribution. Advanced technique to determine the
pore-size distribution of soils is also discussed in brevity in this paper.

Additionally, poor characterization of soils may also lead to inefficient stabi-
lization as variation of clay mineralogy could result in significant difference in the
behavior of stabilized soil under similar conditions [14]. Most of the current sta-
bilization approaches primarily depend on the plasticity index (PI) and gradation
characteristics of the soil. The dosage for cement stabilization is based on the uncon-
fined compressive strength (UCS) value obtained after moisture conditioning of the
soil specimen. While, the dosage for lime stabilization is based on the pH meth-
ods similar to the Eades–Grim test (ASTM D6276), the UCS values are indirect
parameters to identify the behavior of stabilized soils.

The mineralogy of a soil governs its physical and chemical properties. The most
common clayminerals found in soils areKaolinite, Illite, andMontmorillonite,which
have significantly different properties. Among these, montmorillonite has the highest
specific surface area and is primarily responsible for inducing the expansive behavior
in soils. The procedures such as X-ray diffraction, scanning electron microscopy
(SEM), and thermal gravimetric analysis (TGA) are predominantly used to identify
clay minerals, but these test procedures are time-consuming and expensive [15].
Chittoori [16] had proposed a novel technique to quantify the presence of various
types of clay minerals using a regression analysis of chemical soil properties like
cation exchange capacity (CEC), specific surface area (SSA) and total potassium
(TP). This technique is fast and relatively much cheaper than current procedures
used.

Photogrammetry is a science of making measurements using two or more images.
Photogrammetry can be conducted at wide range of distances using varied sensors
ranging from smart phone camera to sensor mounted satellites. Close range pho-
togrammetry (CRP) is a subsidiary of photogrammetry with sensor operating within
a 1000 ft distance from the inspecting object. Unmanned aerial vehicles (UAV) offer
mobile and stable platforms to mount the visible range camera, operating at localized
distances, to conduct CRP inspection. UAV-CRP technology data can be processed
to obtain various mapping outputs at accuracy levels necessary to make engineer-
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ing judgements [17]. Visualization of these 3-dimensional data outputs provides an
in-depth idea about the condition of the infrastructure [18, 19]. This innovative tech-
nology is used in this research to monitor the geoinfrastructure laid over problematic
sulfate soils. A pavement site that was rehabilitated after exhibiting sulfate induced
heave have been inspected to find out the effectiveness of the treatment.

This paper covers the characterization methods and novel ground improvement
technologies for expansive soils in the first two sections of the paper. The final section
introduces new monitoring technology using unmanned aerial vehicles coupled with
close range photogrammetry (UAV-CRP) to collect the performance data of geo-
infrastructure.

2.2 Advancements in Soil Characterization
and Stabilization

In this section, the influence of presence ofmontmorillonite in soils is discussed along
with the relationship between plasticity index (PI) and percentage montmorillonite
for the effective stabilization of clayey soils. The durability studies exhibited that soils
having similar plasticity index but different montmorillonite content demonstrated
dissimilar response when treated with standard stabilization procedures. To illustrate
this theory, soils samples from Fort Worth and Bryan (in North Texas, USA) having
the samePI of 30 are collected. Both FortWorth andBryan soilswithmontmorillonite
content of 60% and 30%, respectively were stabilized using standard stabilization
design procedures and their performances weremonitored under durability and swell
tests.

These studies have demonstrated the need for incorporating both clay mineralogy
and PI properties within the standard design procedure for stabilization of clayey
soils. Additional durability tests on different clayey soils to study the volumetric
changes after wetting and drying cycles on various soils had led to the conclusion
that for soils having PI less than 35% and montmorillonite content less than 40%, the
conventional treatment methods would mostly prove to be efficient. However, soils
with higher PI andmontmorillonite content need to be stabilized with higher concen-
tration of traditional chemical stabilizers, such as lime (greater than 8%) and cement
(greater than 6%). Based on the observations of this study, a stabilization design chart
(Fig. 2.1) was prepared, which requires both PI values and montmorillonite content
for effective stabilization.

The recommendationsmade in this paper are as a result of studies performed on six
clayey soils, but to comprehensively conclude on the importance of characterization
of soils prior to selection of stabilizer, further independent studies are required. Such
studies would improve the performance of designed infrastructure by mitigating the
issues related to expansive clayey soils.

Additional advancement in soil characterization have been made by studying the
internal distribution of poreswithin the soil specimen bymercury intrusion porosime-
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Fig. 2.1 Proposed stabilization design chart modified to include montmorillonite content [15]

try (MIP) technique. In this technique, the different sizes of pores are differentiated
on the basis of MIP test results. From MIP testing on various soils at different void
ratio, it was observed that at maximum dry density (MDD) condition, the high-
particle density resulted in lower volume of pore voids, which mostly consisted on
micro and medium sized pores. Whereas, at 95% MDD condition (lower density),
there was abundance of macro pore voids within the soil specimen [10].

A model was developed by Pedarla [10] for predicting the one-dimensional swell
pressure in soils during an increase in degree of saturation, which was based on
the ratio of total surface area estimated from clay mineralogy data and mercury
intrusion porosimetry results. The model showed good validation results with pre-
diction matching the measured swell test results. This demonstrates the accuracy of
using advanced characterization techniques in predicting complex phenomena such
as swelling in soils.

2.3 Soil Stabilization Advances

The establishment of transportation infrastructure using native materials is often the
most desirable solution. However, the presence of soft, highly compressible or expan-
sive soils in various parts of the world, including India, often hinder the use of native
soils in its original form. Stabilization of these soils with cementitious materials,
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such as lime and cement, generally result in enhanced mechanical properties due
to formation of pozzolanic compounds which may satisfy the design requirements
[20–22]. Apart from traffic loading, additional pavement distress occurs due to the
diurnal and seasonal changes in weather, which alters the moisture regime within the
subgrade soil and cause significant damages to pavement [23].

When sulfate-rich native soils are encountered, traditional calcium-based stabi-
lizers, such as lime, often become counter-productive, due to the formation of highly
expansive minerals ettringite and thaumasite. Multiple cases of severe pavement
heaving and distress were reported when sulfate-rich expansive soils treated with
traditional calcium based stabilizers were used as subgrade soils [24–33]. This phe-
nomena is referred to as ‘sulfate-induced heave’ and the cost of repairs of such
pavements exceed the cost of stabilization [31].

Recently, a new class of alumino-silicate-polymers, commonly known as
Geopolymers have receivedmuch attention for its eco-friendly and sustainable nature
and its cementitious properties. Additionally, Geopolymers are often manufactured
using rawmaterials which lack calcium, hence it has the potential tomitigate ‘sulfate-
induced heave’. Other types of treatment methods which have been recently used
include bio-polymers and chemical injections to mitigate the shrinkage characteris-
tics [34–36]. As such, there is a need for new and improved ground improvement
solutions that are sustainable, durable and enhance the engineering properties of
expansive soils.

The production of traditional stabilizer like cement is energy intensive and emits
large quantity of CO2. Geopolymers as alternative to Ordinary Portland Cement
(OPC) [37, 38] constitute a family of materials consisting of covalently bonded
alumino-silicates, non-crystalline networks and are generally substituted for many
engineering applications due to their high strength. They have received much atten-
tion as an eco-friendly and sustainable alternative to OPC because they can be pro-
cessed at room temperature and can be inexpensive as they are prepared from waste
materials such as fly ash or natural sources (e.g. clay), thus providing the plentiful
worldwide rawmaterial supply [39].More importantly, the use of Geopolymer rather
than OPC can reduce CO2 emissions by 44–64% [40].

Bell et al. [41] defined Geopolymers as “a class of totally inorganic, alumino-
silicate based ceramics that are charge balanced by group I oxides. They are rigid gels,
which are made under relatively ambient conditions of temperature and pressure into
near-net dimension bodies, and which can subsequently be converted to crystalline
or glass-ceramic materials”. In the last 40 years, Geopolymers have been extensively
studied as a source of cementitious materials in concrete structures [37, 38, 42] and
others. However, its application for soil stabilization has been limited.

Since Geopolymers represent complex materials system, many factors influence
the formation and properties of Geopolymer including aluminosilicate source, Silica
and alumina (Si/Al) ratio in precursormaterials, water to solids ratio used during syn-
thesis, type and amount of alkali activator, mixing and curing conditions. Influence of
all these factors on structure and properties of the cured Geopolymer specimen have
been extensively studied over the last decades [37, 42, 43]. This study evaluates the
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effectiveness of metakaolin-based Geopolymer stabilizer in mitigating the volume
changes in the native North Texas soil during wetting or drying periods.

Although, significant progress has been achieved in understanding the effects of
different factors in processing Geopolymer (GP) on their properties, the study of its
effectiveness for expansive soil stabilization and in presence of sulfates in soils hasn’t
been elaborately investigated. In this research, the native soil fromDallas-FortWorth
(DFW)metroplex in Texas (Fig. 2.2) was obtained to evaluate the use of geopolymers
as a soil stabilizer to mitigate its volume change properties to acceptable levels. Tests
were conducted on treated and untreated soils to study the volume change behavior
of the soil samples. The results were analyzed to evaluate the utility of Geopolymers
in mitigating volume change during change in moisture content.

A preliminary study was attempted to assess the mixability of GP and an expan-
sive soil classified as clay of high-plasticity (CH). Since the GP has multiple inter-
dependent parameters, such as chemical composition, curing time and temperature,
which defines its behavior, this study explores the behavior of a potassium-based
GP with Si/Al � 2 and Al/K � 1, to reduce swell-shrink characteristics. Subse-

Fig. 2.2 Typical desiccation cracks observed in slopes consisting of expansive soils in the Dallas-
Fort worth region
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quently, three different GP compositions with the already-stated parameters and
varying water/solids ratio from 2 to 4 were made and compacted into moulds having
a diameter and height of 3.2 cm (1.25 in.) and 1.9 cm (0.75 in.), respectively. It was
observed that both K431 (K � Potassium, SiO2/Al2O3 � 4, Water/Solids � 3, Al/K
� 1) and K441 mixed well with CH, but K431 was chosen for the first set of testing
as it was observed to yield higher strength (from UCS testing).

Linear shrinkage tests were conducted on treated CH specimens, which indicated
that GP treatment resulted in significant mitigation of shrinkage as compared to that
for untreated specimens, which could be observed in Fig. 2.3. Treated CH specimens
exhibited a decrease in shrinkage from 16.6 to 13.1% (Fig. 2.4).

Similarly, when Atterberg’s limit tests were conducted on treated CH specimens,
it showed that GP treatment of CH specimens resulted in about 72% decrease in
its PI, from 21 to 6. Swell tests on treated CH specimens indicated a significant
reduction in vertical swell strain from about 0.9 to 0.04% (Fig. 2.5).

This study explores the use of metakaolin-based geopolymer for evaluating the
swell-shrink behavior of a native North Texas soil. The soil was mixed with the

Fig. 2.3 Linear shrinkage strains of a untreated CH, and b GP-treated CH
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K431 GP mix at a ratio of 8% (by weight) dry GP to dry soil. Shrinkage tests
showed that geopolymer-treated soils are efficient in reducing shrinkage, without
developing cracks. Swell tests show that the swell potential of the soil is mitigated
within acceptable limits, on treating with GP. To summarize, GP treatment of soils
reduces the swell-shrink potential of soils significantly, which is a major concern for
expansive soils.

There is a potential for wide-scale application of GP as a sustainable soil stabilizer
for expansive soils around the world. Based on this study, it is recommended that
parameters affecting GP strength, such as dry GP to dry soil ratio, GP composition,
processing methods, and alkali-activator, be varied, to observe its influence on the
engineering characteristics of GP treated subgrade soils. Furthermore, durability
studies as well as sustainability metrics and life cycle cost analysis studies would be
useful in practical implementation of this soil stabilization method.

2.4 Geoinfrastructure Monitoring Using UAV

UAV-CRP technology have been extensively used for monitoring geoinfrastruc-
ture assets including pavements, railways, bridges, and tall structures [44]. In this
research, pavement data was collected on a nearby road connecting FM 1752 and
west bound US 82 highway located at 33.61388°N, 96.34675°W. This infrastructure
site had heaving problems due to the presence of rich sulfates in the soils reacting
with lime and cement stabilizers.
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Fig. 2.6 Cautionary sign for
placing ahead of drone
operating area

Researchers from UT Arlington (UTA) formulated comprehensive stabilizing
strategies for this sulfate-heaving pavement site as part of their research work for
Texas Department of Transportation (TxDOT) [30, 45]. After treating the soils over-
lain by the pavement, technologies involving innovative equipment like terrestrial
LiDAR and unmanned aerial vehicle equipped with camera are used to detect any
trace of sulfate induced heaving. The contours and elevation maps obtained from
these technologies can offer a better idea about heaving of the pavement. There
will be localized abrupt elevation changes in the elevation maps and contours due
to the presence of heaving. Cautionary signs, as shown in Fig. 2.6, following the
TxDOT guidelines for a specific allowable road speed were placed during UAV data
collection.

An autonomous flight plan was prepared and followed to collect the infrastructure
images at 80% longitudinal overlap and 60% lateral overlap. Due to the vegetation
on the shoulder of the pavement, a large wooden plank was placed to serve for both
landing and takeoff. Data collection was only conducted on one side of the pavement
due to the research stage of this project. A multiple flight path was adopted with
6 m (20 ft) and 23 m (75 ft) as operating flight altitudes. At lower flight altitude the
camera was obliquely facing the road and at higher flight altitude the camera was
placed in nadir direction. This procedure was adopted to obtain a clear picture of the
road and its surroundings.

Images can be geotagged using high accurate global navigation satellite system
(GNSS) or less accurate global positioning system (GPS) systems. Although the
GNSS equipment is costly, it was purchased and used to obtain the required accuracy.
There are two methods of using the GNSS data: real-time kinematics (RTK) or post
processing kinematics (PPK). As the names suggest RTK can be used immediately
after collecting data whereas PPK accesses the data from the base station which takes
couple of days to update the data [19]. In this research RTK is used to geotag the
images. The geotagged images are processed in image analysis software to obtain
dense point cloud models, orthomosaics, digital elevation models (DEM), contours,
and other mapping outputs. Orthomosaic, digital elevation model, and contour map
of the pavement infrastructure laid over high sulfate soils are shown in Figs. 2.7, 2.8
and 2.9, respectively.



24 A. J. Puppala et al.

Fig. 2.7 Orthomosaic of the road connecting FM 1752 and West Bound US 82 Highway, Paris
District, Texas

Fig. 2.8 DEM of road connecting FM 1752 andWest Bound US 82 Highway, Paris District, Texas



2 Research Advancements in Expansive Soil Characterization … 25

Fig. 2.9 Contour road map connecting FM 1752 and West Bound US 82 Highway, Paris District,
Texas

Ground control points (GCP) coordinates are used to develop themodel and check
point (CK) coordinates are used to estimate the quality of themodel in terms ofRMSE
values in X, Y, and Z directions. The known coordinates of the CK are imported
into the developed 3-dimensional models and are manually located to calculate the
difference in the estimated and actual location of the check points in the developed
model. The RMSE values in X, Y, and Z directions are obtained as 1.8 cm (0.06 ft),
2.1 cm (0.07 ft), and 0.6 cm (0.02 ft), respectively. According to the New ASPRS
Positional Accuracy Standards for Digital Geospatial Data [46] for non-vegetated
areas, the horizontal accuracy is classified by the square root of sum of the squares
of RMSE values in X and Y direction. Vertical accuracy is classified based upon the
RMSE in Z direction.

Accuracy of horizontal data obtained is better than horizontal accuracy class of
2.5-cm and accuracy of the vertical data obtained is very close to vertical accuracy
class of 1-cm. Considering the safety, man power and cost of inspection, the accuracy
obtained for this pavement site is acceptable for most infrastructure sites. This also
gives the confidence in making engineering judgements.

DEMand contourmap of the nearby road connecting FM1752 andwest boundUS
82Highway in the Paris district provided an idea of the heaving aswell as the drainage
flow patterns at the site (as shown in Figs. 2.8 and 2.9). DEMprovides the color coded
elevation of the data collected. The orthomosaic shown in Fig. 2.7 andDEMshown in
Fig. 2.8 are oriented in the same direction, which helps in understanding the relative
elevations of the pavement and its surroundings. The highest elevation point in the
DEM, roof of the van and the tent, are represented by orange and the lowest elevation
point, adjacent areas of the pavement shoulder, are represented by dark blue. This
is in line with the observations that were made during the field data collection. The
elevation of road is sloping down along the direction of vehicular traffic indicated by
two black arrows in orthomosaic and DEM shown in Figs. 2.7 and 2.8, respectively.
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The DEM does not indicate any abrupt changes in elevation that confirm the absence
of sulfate induced heaving at this site.

The UAV studies were performed along the edge of the shoulder and data was
collected within 15 min. Processing and data analyses required several hours and the
final output results as shown in Figs. 2.7 and 2.8 indicate that this technology is viable
one and can provide reliable data in a safe and efficient manner. This tool can provide
health monitoring of other structures and can be used to evaluate the performance of
new additives or materials in strengthening pavement system including underlying
subsoil layers.

Contour maps are also obtained for the pavement site. There are three views: top,
3D, and profile view of the pavement as shown in Fig. 2.9. The 3-dimensional view
of the big white rectangle covering the whole top view is provided at the right corner
of Fig. 2.9. The profile view of the small white rectangle drawn over the pavement
in the top view is provided at the bottom of Fig. 2.9. Contours are laid over the top
and 3D view of the pavement and a detailed profile view also gives an idea of the
elevation profile of points across the pavement. The contours also confirm that there
are no irregular elevation points, which indicate that the stabilization of sulfate soils
adopted at this site is effective in mitigating heave distress.

2.5 Summary and Conclusions

Several important findings of various research studies related to expansive soils
are briefly summarized and covered. Both natural expansive soils and sulfate rich
expansive soils are major focus of some of these research studies. Some of the salient
findings are presented below.

Expansive soil characterizations witnessed some major advancements partly due
to the abilities to measure clay mineralogy fractions, internal pore distributions and
unsaturated soil properties that govern their shrink-swell behaviors. Many of the new
models incorporate these properties in the expansive soil characterization. Though
these property measurements can be expensive and time consuming, the models are
still superior to existing expansive soil characterization practices and can assist in
better design of stabilization of these soils.

Different chemical additives are being evaluated for effective stabilization of
expansive soils. Recently, a new class of alumino-silicate-polymers, commonly
known as Geopolymers (GP) have received much attention for its eco-friendly and
sustainable nature and its cementitious properties. This method was investigated in
stabilizing an expansive soil. Atterberg’s limit tests were conducted on GP treated
CH specimens, which showed that GP treatments resulted in about a considerable
decrease in the plasticity properties (PI). Swell tests on treated CH specimens also
indicated a significant reduction in vertical swell strains from about 0.9 to 0.04%.

Innovative way of quantifying the presence of pavement heaving using UAV-
CRP technology has been successfully attempted and developed in this study. The
aerial data collected fromUAV-CRP studies indicated that there is no sulfate induced
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heaving on the pavement when the underlying soils are treated with lime-fly ash
additives with an extended mellowing period. The multi-faceted data obtained from
this technology can be used to identify other infrastructure distress patterns including
cracking on pavement surface layers. Overall, the research studies showed that the
UAVs can be used and considered for monitoring geoinfrastructure assets laid over
problematic soils.
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Chapter 3
Testing Mode and Soil Parameters

R. G. Robinson

3.1 Introduction

Soil properties are commonly determined by performing element tests in the labora-
tory. The properties can be either index property, commonly used for soil classifica-
tion and correlations, or the engineering properties for design purpose. The important
index properties of soils are Atterberg’s limits, grain size distribution, relative den-
sity, etc. For fine grained soils, the important index properties are the Atterberg limits
such as liquid limit (wL) and plastic limit (wP). The major engineering properties of
soils are shear strength, consolidation and permeability. For expansive soils, swell
pressure is an important property.

In the laboratory, these properties are commonly determined using a variety of
equipment. It was observed that the same property, when determined using different
equipment often yields different results. In this paper, the variation of soil properties
with type of equipment used is discussed. The properties discussed are:

(i) Liquid limit
(ii) Swelling pressure
(iii) Drained angle of internal friction of fine grained soils
(iv) Radial coefficient of consolidation and
(v) Interface friction angle

The types of apparatus used for each property and the values obtained are dis-
cussed. The possible reasons for the differences observed are highlighted.
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3.2 Liquid Limit

Liquid limit is one of themost important index properties of fine grained soils. It is an
essential parameter for soil classification. In addition, it is also often used to estimate
the consolidation parameters through empirical correlations. Presently, two standard
methods are in use for the determination of liquid limit of soils: the percussion
method, using Casagrande’s apparatus, and fall cone method. The details of these
tests are covered in IS 2720 [1] and many other codes. Several studies are reported
in the literature that compares the values of liquid limit obtained from Casagrande’s
apparatus and the fall cone apparatus. A review of the results in the literature and
the mechanisms controlling the liquid limit of soils can be found in Sridharan and
Prakash [2]. It can be seen that for soils with lower liquid limit values, the cone
penetration method gives slightly higher liquid limit compared to the Casagrande’s
method [3]. However, the trend changes at higher liquid limits. The possible reason
for this difference is attributed to the fundamental mechanism of the test itself, which
is briefly brought out below.

The tests conducted using Casagrande’s apparatus are typically a slope failure
test (Fig. 3.1) in which a miniature slope is made to fail by repeatedly mobilising
the shear strength by the drops/blows. Therefore, the stability number (Sn), given in
Eq. 3.1 governs the slope failure in the test [4].

Sn � cu
γH

(3.1)

where cu, γ and H are the undrained shear strength, unit weight and height of the
slope, respectively. The dynamic effects are ignored in the analysis. As per Eq. (3.1),
the shear strength of the soil at liquid limit water content cannot be expected to be
constant for all soils. However, the stability number is expected to be a constant. As
the liquid limit increases, the value of γ decreases. Therefore, in order to maintain
constant value of stability number, the shear strength decreases.

The factors involved in a fall cone test (Fig. 3.2) are the mass of the cone (m), the
cone angle (α), the undrained shear strength (cu) and depth of penetration (d). These
factors are related to the cone factor kα (which depends on α ), as per Eq. (3.2) [3].

Fig. 3.1 The soil slope in
Casagrande’s liquid limit
apparatus

8 mm60.6°

11 mm

2 mm
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Fig. 3.2 Factors in a fall
cone test

m

cu

d
α

cud2

mg
� kα (3.2)

Clearly, as per Eq. (3.2), cu is expected to be a constant at liquid limit for all soils
(as d � 20 mm). As the mechanisms of the tests are different, the liquid limit values
are expected to be different. The data reinterpreted from Das et al. [5] (Fig. 3.3)
validates the mechanisms discussed above that cu decreases with increase in liquid
limit by Casagrande’s apparatus, whereas it is nearly constant in fall cone method.

3.3 Swelling Pressure

Swelling pressure is one of the important variables required in the prediction of heave
of swelling soils. Swelling pressure is the pressure required to maintain constant
volume on saturating an expansive soil from its unsaturated state. Several laboratory
methods are available to evaluate the swelling pressure in the laboratory. Typically,
oedometer swelling test, suction measurements, triaxial methods, etc. are commonly
used [6–10] out of which oedometer testing method is popular due to its simplicity.
Three different oedometer methods such as Method A, Method B and Method C [6]
can be used for the determination of swelling pressure as explained below.

Method A—This method is also often called as swell-consolidation method. As
the name indicates, the specimen in the oedometer cell is soaked with water and
allowed to swell under a nominal seating pressure of about 5–6.25 kPa. Once the
primary swell is completed, the specimen is one-dimensionally consolidated back
to reach its initial thickness. The consolidation pressure required to consolidate the
specimen to its initial thickness is taken as the swelling pressure. This method is
similar to Method A of ASTM D4546-03 [11].

Method B—This method is also called as different pressure method in which
three identical specimens are assembled in the oedometer and loaded with different
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Fig. 3.3 Variation of
undrained shear strength at
liquid limit with liquid limit
determined by
a Casagrande’s method and
b fall cone method (data
from Das et al. [5])
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pressures close to the expected swelling pressure. The specimens are submerged
in water and the volume change is monitored. The pressure corresponding to zero
volume change is taken as swelling pressure. The limitation of the method is that
three or more identical specimens are required unlikeMethod A, which requires only
one specimen.

Method C—In this method, the specimen is maintained at constant volume by
controlling the vertical pressure after the specimen is inundated in free water. The
vertical pressure that maintains constant volume is taken as the swelling pressure.
This method is also called as constant volume method and guidelines are given in
BS 1377 [12] and IS 2720 [13].

In principle, all the three methods are equally valid. However, they often yield
entirely different swelling pressure values. Johnson and Snethen [14] observed that
the magnitude of swelling pressure depends on the degree of confinement. Ali and
Elturabi [15] reported the swelling pressure values fromMethod A to be higher than
that from method Sridharan et al. [16] carried out oedometer swelling tests using the
MethodsA,B andCon soilswith different initial void ratio (ei) andwater content (w).
They reported that Method A gives the highest swelling pressure value and Method
B gives the lowest value. The results from Method C lie in between as summarised
in Table 3.1. Definite relation between the three methods was not observed.
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Table 3.1 Typical swelling
pressure values by the three
methods [16]

Soil sample Initial conditions Swelling pressure (kPa) by
method

ei w (%) A B C

BC1 0.893 0 300 160 190

BC4 1.002 0 390 160 220

BC5 0.742 0 510 140 310

BC8 0.656 20.8 150 – 70

Table 3.2 Index properties
and compaction
characteristics of the soil used

Properties Gradation A Gradation B

Atterberg limits

(a) Liquid limit (%) 105 69

(b) Plastic limit (%) 40 30

(c) Shrinkage limit (%) 7 8

Compaction test results

(a) Maximum dry unit weight
(kN/m3)

14.55 14.96

(b) Optimum moisture
content (%)

26.4 24

Differential free swell (%) 100 80

Thus, the values of swellingpressure dependon testmethod.However, the possible
reason for the dependence of swelling pressure on the test method is not brought out
in the literature. Soundara and Robinson [10] addressed this issue by carrying out
oedometer tests on identical specimens of an expansive soil.

The soil used was taken from Siruseri, near Chennai. Two types of gradation
(Gradation A and Gradation B) were prepared. Sample with Gradation A contains
soil fraction passing through 75μ whereas Gradation B was prepared by sieving the
soil through 1 mm sieve. The index properties and the compaction characteristics of
the specimens are given inTable 3.2. The clay samples can be classified as clay of high
to very high expansion potential [17]. The specimens with required water content
and dry unit weight were prepared by static compaction. The Proctor compaction
curve was used as a reference to fix the placement condition.

Table 3.3 reports the dry unit weight (γ d), water content (w) and the specimen
condition.Measured quantities of dry soil and water were mixed thoroughly and kept
in airtight bags, overnight, for moisture equilibrium. Specimens of 14 mm thickness
with the required unit weight were prepared by statically compacting in oedometer
rings of 60 mm diameter and 20 mm height. The side wall friction between the ring
and specimen was reduced by smearing the inner sides of the consolidation rings
with silicon grease.

In addition to performing swelling pressure tests, falling head permeability tests
were conducted by connecting a burette to the bottom of the consolidation cell.
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Table 3.3 Placement conditions adopted for the experiments

Specimen γ d (kN/m3) w (%) Specimen condition

A1 14.55 26.4 Optimum

A2 13.82 23.6 Dry side

B1 14.96 24 Optimum

B2 14.21 21 Dry side

B3 14.21 28 Wet side

Table 3.4 Swelling Pressure
values by different methods

Specimen Swelling pressure (kPa) by method

A B C

A1 325 160 185

A2 270 150 175

B1 240 160 175

B2 210 115 140

B3 60 – 50

Specimens A1 and A2 were prepared for the scanning electron microscope (SEM)
images once the test was over. The specimens for SEM studies were prepared as per
the guidelines given in Mitchel [18]. Specimens of 20 mm × 10 mm × 10 mm was
cut and were subjected to freeze drying [19]. The broken surface was observed under
the scanning electron microscope for fabric studies.

The swelling pressure values obtained for all the specimens by the three methods
are listed in Table 3.4. The swelling pressure by Method A is the highest while
that from Method B is the lowest. For the specimens compacted on the dry side of
optimum, the swelling pressure by Method A is about 1.5–2 times higher than that
from Method B. However, the swelling pressure values from Methods B and C are
nearly the same, similar to those reported in the literature [15, 16]. Samples in the wet
side displayed very low values of swelling pressure similar to Seed and Chan [20].
In addition, the swelling pressure values are also not very sensitive to test methods
(Sample B3).

Typical falling head permeability test results for sample B1 in the form of void
ratio (e) versus permeability (k) are shown in Fig. 3.4. Unlike in Methods A and B,
the permeability values were obtained at only one void ratio in Method C as volume
change and hence the void ratio change was not permitted. The results clearly show
that the k values are significantly different, at the same void ratio corresponding
to the swelling pressure, when the samples were subjected to different test modes.
The permeability values corresponding to the initial void ratio (under the swelling
pressure) for all the specimens are listed in Table 3.5. While permeability values of
Methods B and C are nearly the same, the permeability values of samples in Method
A are about 4–8 times less than those byMethod C, when the samples are at optimum
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Fig. 3.4 Coefficient of
permeability plots for
Sample B1 for all methods
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Table 3.5 Permeability
values at initial void ratio for
different methods

Specimen number Coefficient of permeability, k (mm/s)

Method A Method B Method C

A1 4.9 × 10−7 1.8 × 10−6 2.4 × 10−6

A2 7.9 × 10−7 2.2 × 10−6 2.9 × 10−6

B1 1.8 × 10−6 1.0 × 10−5 1.1 × 10−5

B2 1.2 × 10−6 1.3 × 10−5 1.0 × 10−5

B3 4.2 × 10−7 – 5.2 × 10−7

or dry side of optimum. The permeability value of sample in the wet side of optimum
(sample B3) is practically the same for Methods A and C.

Lambe [21] reported that compacted soils at the dry side of optimum display
flocculated structure. As the moisture content increases beyond optimum towards
the wet side of optimum, the double layer of the clay particles expands more, result-
ing in an increased repulsion between the particles during compaction leading to a
dispersed structure [22]. Therefore, specimens A1, A2, B1 and B2 are expected to
be in a flocculated state before soaking in water. Samples in Method A underwent
significant swelling under a nominal surcharge of 6.25 kPa on saturation. The volu-
metric strains experienced by the samples A1, A2, B1 and B2 are 26.30%, 34.44%,
16.81% and 26.82%, respectively. As a consequence of this swelling, the structure
of the clay might have changed from flocculated to a more dispersed state. Further
one-dimensional loading, to bring the soil specimen to its initial void ratio alters the
fabric towards a more dispersed fabric. InMethods B and C, the flocculated structure
is likely to be preserved as the specimens are not allowed to swell. The permeability
values reported in Table 3.5 supports this possibility.

As sample B3 was prepared in the wet side of optimum, its structure is expected
to be in a dispersed state [21]. In Method A, the swelling experienced by the sample
is only 1.38%. Therefore, the fabric alteration between Methods A and C may not be
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Fig. 3.5 SEM images in a Method A and bMethod C

significant during the swelling pressure test. This can be corroborated from Table 3.5
that the coefficient of permeability is almost the same between Methods A and C.
As the structure is not changed significantly between the methods, the difference in
swelling pressure values between tests is only marginal in sample B3.

Typical SEM images of samples tested in Method A and C for sample A2 are
shown in Fig. 3.5a and b, respectively. Parallel orientation of clay particles (dispersed
structure) is seen on specimens tested using Method A. Flocculated structure is seen
in the case of Method C.

The results of permeability tests and SEM images confirm that the flocculated
structure of the compacted soil in the dry side of optimum gets altered to dispersed
structure whenMethod A is adopted for measuring the swelling pressure, as a conse-
quence of swelling. As volume change is not permitted during saturation in Methods
B andCalteration of fabric is expected to be less. Therefore, the difference in swelling
pressure value between methods is attributed to direct consequence of fabric change
that occurs during the swelling pressure test.

3.4 Angle of Internal Friction

Among the types of apparatus, the direct shear apparatus and the triaxial apparatus
are very popular to determine the shear strength parameters. Direct shear test is
generally preferred for granular soils such as sands and gravels. However, the test is
also often used for the determination of drained angle of internal friction of clays. It is

widely accepted that the angle of internal friction from plane strain apparatus
(
φ′
ps

)

is higher than that obtained the triaxial angle of internal friction
(
φ′
tri

)
from triaxial

compression test [23, 24]. Comparison of angle of internal friction values from direct
shear test

(
φ′
ds

)
and triaxial compression tests for granular soils was also made in

the literature [25]. Generally, φ′
ds is about 2–8° higher than φ′

tri for the case of sands.
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Studies that compare the effective angle of internal friction from triaxial compression
tests and direct shear tests for fine grained soils are scarce in the literature.

Lini Dev et al. [26] carried out direct shear tests and triaxial tests under drained
conditions on fine grained soils. Three types of soils such as kaolinite, IIT lake
clay and a silty soil were used as fine grained soils. Uniformly graded sand sample
(particle size in the range of 0.425–1.0 mm) was also used for the study. The clay
size particle present in the silty soil is only 12%. The other two soils contain clay
sized particles of about 32%. The maximum and minimum dry unit weights of the
sand are 17.2 kN/m3 and 14.4 kN/m3, respectively.

Reconstituted soil specimens, consolidated from slurry with water content of 1.5
times the liquid limit, were used for the study. Specimens of 50 mm diameter and
100 mm height were used for carrying out the triaxial tests. Effective confining pres-
sures of 50, 100 and 200 kPa were used. In order to have better drainage performance
double filter paper side drains suggested by Sivakumar et al. [27] were adopted. Back
pressure saturation technique was adopted so as to achieve a minimum B value of
0.95. The tests were conducted at sufficiently slow rate to keep the specimens under
drained condition. Time–volume change curve, during the consolidation stage, was
used to calculate the deformation rate required to keep the specimens under drained
condition as suggested by Head [28].

For direct shear tests, the specimens were directly consolidated in the in the shear
box itself from slurry state to the required normal stress. Normal stress values of
50, 100 and 200 kPa were used. The rate of deformation was calculated as per the
procedure given in Head [28] to keep the specimens under drained condition during
shear. Area correction was applied on the shear stress calculations as per Petley [29].
Relative density of 65%was used for the sand specimen.Moisture tamping technique
was used for the specimen preparation. Drained tests were conducted after saturating
the specimens.

Table 3.6 compares the test results. Contrary to the generally reported results for
the case of dense sands, the φ′

tri values for the fine grained soils are higher than φ′
ds.

The difference in angle of internal friction for Kaolinite and IIT lake clay are about
8°. However, the difference is only 1° for the case of the silty soil. For the sand
specimens, the values of φ′

ds and φ′
tri are 44.5° and 42°, respectively, which is in line

with the reported trend for sands.

Table 3.6 Values of angle of internal friction from direct shear and triaxial tests

Sl. no. Soil Angle of internal friction from (
φ′
tri − φ′

ds

)
Triaxial test Direct shear test

1 Kaolinite 29.5° 21° 8.5°

2 IIT clay 28° 20° 8°

3 Silty soil 26.5° 25.5° 1°

4 Sand 42° 44.5° −2.5°

5 Sand + plastic disc 45.5° 35° 10.5°
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Fig. 3.6 Likely condition in
a direct shear and b triaxial
compression tests

Failure plane
(a)

(b)

The value of φ′
tri −φ′

ds is not significant for the silty soil unlike the other two soils.
One of the differences in the soils is the composition of clay sized particles, which
is 12% for silty soil and 32% for the other two soils. Therefore, there is a possibility
that the difference may be due to the presence of clay sized particles in the soil. It is
known that the clay particles are like plates [30]. Therefore, the clay particles may
orient into parallel array due to the consolidation pressure as shown in Fig. 3.6a, b.
The particles slide one over the other during shearing in the direct shear mode unlike
the triaxial specimen, resulting in higher shear strength in the triaxial test.

The above hypothesis was validated by mixing plate shaped discs with sand. The
transparency film of 0.1 mm thickness, commonly used for overhead projectors, was
cut using a punching machine to 4.5 mm diameter (Fig. 3.7) so that the diameter to
thickness ratio (aspect ratio) is 45. The discs and sandweremixed in the proportion of
10% by weight of disc and 90% sand. Direct shear and triaxial tests were conducted
under drained conditions on specimens prepared at unit weight of 15 kN/m3.

The difference between the φ′
tri and φ′

ds, when the plastic discs were mixed with
sand is 10.5° (Table 3.6). Therefore, the possible reason for higher values of angle
of internal friction from triaxial compression test than the direct shear test for fine
grained soils containing clay sized particles may be attributed to the presence of plate
shaped clay particles.

3.5 Radial Coefficient of Consolidation

Design of vertical drain system is conventionally designed based on Barron’s theory
[31] because of its simplicity and ease of use. The solution for the condition of equal
vertical strain without smear is given as
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Fig. 3.7 The transparency sheet of 4.5 mm diameter cut for the test

U � 1 − exp

(
8Tr
F(n)

)
(3.3)

where,

F(n) � n2

(n2 − 1)
ln(n) − (3n2 − 1)

4n2
(3.4)

in which n is the drain spacing ratio given by

n � Diameter of influence (de)

Diameter of drainwell (dw)
(3.5)

and

Tr � cht

d2
e

(3.6)

where T r is the time factor and ch is the coefficient of horizontal consolidation. The
important design parameter required in Barron’s theory is ch.

Several types of laboratory apparatus with radial drainage were used in the liter-
ature for determining ch [32–42]. However, Rowe consolidation cell [39–42] with
radial drainage is popular. In the Rowe cell, radial consolidation tests can be con-
ducted by allowing drainage in radially-in (Fig. 3.8a) or radially-out (Fig. 3.8b)
directions.Modified conventional consolidationwas also used to determine the radial
coefficient of consolidation [33–35, 43]. A comparison of ch values obtained from
these two types of drainage conditions is scarce in the literature. Sridhar et al. [44]
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Impermeable boundary
(a) (b)

Central drain Peripheral drain

Fig. 3.8 Radial consolidation test with a central drain and b peripheral drain

addressed this issue by performing tests using a 100 mm diameter Rowe cell [45]
with drain spacing ratio of 2–10.

The soil used is the commercially available kaolinite with liquid and plastic limits
of 43% and 23%, respectively. For the radially inward test, a sand drain was placed at
the middle. The diameters of the central drain used are 10, 15 and 50 mm. This gives
drain spacing ratio of 10, 6.67 and 2. A peripheral drain was provided for conducting
the radially outward flow consolidation.

Reconstituted soil specimens that were preconsolidated to a pressure of 12.5 kPa
were used for the study. A central hole was made and filled with clean sand in loose
condition. The sand used satisfies the requirement suggested by Shields and Rowe
[46]. Radially outward drainage condition was created by placing a saturated porous
plastic drain (1.5 mm thickness) at the periphery. Rubber membrane of 0.5 mm
thickness was introduced at the top and bottom boundaries of the clay specimen so
as to avoid vertical drainage. A 10-mm-thick rigid acrylic platen was placed on the
top of the specimen so that conditions of equal strain hold good. Load increment ratio
of 1.0 was used to carry out the consolidation test. The time-settlement data were
continuously recorded during the consolidation test. It was reported in the literature
that thewater content is non-uniform along the radial direction in radial consolidation
tests [47–49]. Therefore, the variation of water content along the radial direction was
determined at the end of the test.

The time-settlement data obtained from the radially inward consolidation test was
analysed using the log t method [35] and the ch values were calculated. The square
root of time fitting method was used to obtain the ch values for the case of radially
outward consolidation test [50].

The variation of ch with effective consolidation pressure obtained from both types
of radial consolidation test is shown in Fig. 3.9. It can be seen from the figure that the
ch values increase with increase in consolidation pressure similar to the variation of
coefficient of consolidation cv with consolidation pressure for kaolinite [51]. It can be
inferred fromFig. 3.9 that the values of ch increasewith n. In otherwords, ch increases
as the diameter of the drain decreases for a given consolidation pressure. Shields and
Rowe [46] also reported similar observations. They attributed this behaviour to the
length of drainage path, which increases as the drain size decreases. The ch values
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Fig. 3.9 Variation of ch with
consolidation pressure
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Fig. 3.10 Variation of ch
with drain perimeter
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from outward flow consolidation tests are less compared to those obtained from
inward flow consolidation test. In order to evaluate this trend further, the variation
of ch with perimeter of the drain is plotted in Fig. 3.10. It is interesting to note that
the value of ch decreases as the perimeter of the drain increases.

Further, the variation of water content along the radial direction is shown in
Fig. 3.11. Clearly, the water content near the drain is less compared to other locations
irrespective of direction of flow due to non-uniform stress distribution in the soil
in radial consolidation tests [48, 49]. As a consequence, the permeability near the
draining boundary is less compared to other locations. Therefore, the flow of water
towards the drain gets reduced resulting to slower rate of consolidation. Higher the
perimeter of the drainage boundary, lesser is the rate of consolidation and hence the
magnitude of ch.

3.6 Interface Friction Angle

Evaluation of interface friction between soils and construction materials (solid sur-
faces) is essential for the design of several structures like pile foundations, retaining
structures, reinforced earth structures, etc. The interface friction is generally quanti-
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Fig. 3.11 Variation of water
content within the specimen
after radial consolidation test
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fied in terms of friction angle (δ) or coefficient of friction (μ), based on Coulomb’s
law [52]. Meyerhof [53] carried out strain controlled direct shear tests to determine
the interfacial friction angle between sand and brass sections, probably one of the
earliest studies in this area. Subsequently, Kézdi [54] used a large direct shear box of
300× 300 mm to determine δ. Potyondy [55] determined the interface friction angle
between soils and solid surfaces by keeping the solid material in the lower portion
of the box and the soil in the upper box. Rowe [56] replaced the entire bottom half
of the shear box with test material to maintain constant test area. Silberman [57]
reversed the configuration by keeping the test material above the soil.

Apart from direct shear apparatus, other types of apparatus were also developed
in the literature. Detailed review of apparatus types available in the literature can be
found in Subba Rao et al. [58]. In this section, the influence of mode shear on the
interface friction between sand and solid surface is discussed.

The dependence of angle of internal friction
(
φ′) of sand with dry unit weight

is well documented in the literature. Studies are also available in the literature to
understand the influence of dry unit weight on δ between sands and solid surfaces.
These studies reported contradicting conclusions. Some studies [59–61] reported that
the friction angle δ remains the same irrespective of the dry unit weight. However,
several other studies observed that the angle of internal friction increases with the
unit weight [62].

The interface friction angle depends on surface roughness of the solid surface
[55, 60, 63, 64, to name a few]. The values of δ increase with roughness and for
very rough surfaces it tend to a constant value. Potyondy [55] and Panchanathan
and Ramaswamy [65] observed that for very rough surfaces, the limiting maximum
friction angle δlim is close to the peak angle of internal friction (φ) of sand. Several
other studies using simple shear apparatus also confirm that δlim is the peak angle of
internal friction of the sand [63, 64, 66, 67]. Everton [68] also reported that δlim � φ

[69]. However, the studies of Yoshimi and Kishida [60] contradict this observation.
They carried out interface tests using ring torsion apparatus and the results showed
that δlim is the critical state angle of internal friction (φcv) of sand.

Some of the results reported in the literature are summarised in Table 3.7, from
which the following inferences can be drawn:
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Table 3.7 Summary of literature

Author(s) Type of testing
apparatus

Results of
investigation

Remarks

Potyondy [55] Direct shear
apparatus with the
sand on the top of
test material

δ increases with
unit weight and
δ � φ for very
rough surfaces

Sand was placed
above the test
material

Broms [61] Direct shear mode
with the test
material over the
sand

A δ value of 23°
was obtained
irrespective of unit
weight of sand

Test material was
placed above the
sand

Yoshimi and Kishida [60] Ring shear with the
test material on top
of sand

Unit weight has no
influence and
δ � φcv for very
rough surfaces

Test material was
placed above the
sand

Acar et al. [62] Direct shear test
similar to Potyondy
[55]

δ increases with
unit weight

Sand was placed
above the test
material

Desai et al. [70] Translational test
box

δ increases with
unit weight

Sand was placed
above the test
material

Noorany [59] Similar to Broms
[61]

Influence of unit
weight is negligible

Test material was
placed above the
sand

O’Rourke et al. [71] Similar to Potyondy
[55]

δ increases with
unit weight

Sand was placed
above the test
material

Uesugi et al. [67] Simple shear with
the sand on top of
the test material

δ increases with
unit weight and
δlim � φ

Sand was placed
above the test
material

(a) Surface roughness of the solid material has a strong influence on δ

(b) The value of δlim is either φ or φcv

(c) Contradicting observations are reported with regard to unit weight.

Subba Rao et al. [73] and Robinson [72] analysed the results reported in the
literature (Table 3.7) and identified the possible reason for the discrepancy observed
with reference to the limiting value of interface friction angle and the effect of unit
weight on δ. From careful analysis of the results in Table 3.7, the following can be
observed:

(a) Whenever δlim is equal to φcv and that δ was independent of unit weight, the
interface in the test was prepared by placing the test material above the prepared
soil. The normal stress required was then applied through the test material to
the interface. This situation can be described as Type A.
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Fig. 3.12 Typical a shear
stress–movement and
b volume change–movement
curves in Type A and Type B
mode of shear
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(b) Where ever it was observed that the limiting value of δ is equal toφ or δ increases
with unit weight, the interface was prepared by preparing the soil above the test
material. The normal stress was then applied through the soil to the interface.

Apart from themagnitude of the friction angle being affected by themode of shear,
as discussed above, the shape of shear stress–movement curve is also affected by the
mode of shear. Typical results from amodified direct shear test for the sand–concrete
interface are shown in Fig. 3.12a, b. The relative density of the sand used was 85%.
It can be seen that for the Type B case, a well-defined peak is observed and at large
movements, the shear stress for both Type B and Type A mode of shear is practically
the same. There is also a notable difference in the volume change behaviour during
shearing. The dilation for Type B case is more than that from Type A case.

3.7 Summary and Conclusions

The influence of apparatus type on soil properties was discussed in this paper. The
properties discussed are the liquid limit, swelling pressure, angle of internal friction
of fine grained soils, horizontal coefficient of consolidation and the interface friction
angle. The following conclusions are drawn:
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(i) The value of liquid limit obtained from fall cone method and Casagrande’s
apparatus is different. The reason for this difference is attributed to the dif-
ference in the mechanisms. The mechanism of fall cone test is a strength test
whereas in Casagrande’s apparatus, it is the undrained failure of slope, for
which the stability number governs the slope failure.

(ii) The swell pressure values obtained from the different pressure method is the
lowest while the swell-consolidation method yields the highest swell pressure.
The reason for this difference in results is attributed to the structure change that
occurs during swelling of the specimen in the swell-consolidation method.

(iii) The values of horizontal coefficient of consolidation determined from radial
consolidation test depend whether the test is conducted with drainage direction
towards the central drain or peripheral drain. When the drainage is towards
outward direction the values of ch is less compared to that obtained from radially
inward test. The water content at the drainage boundary for both types of tests
was found to be less than that at other locations. The likely reason for lower
value of ch is attributed to the larger drainage boundary with lesser void ratio.

(iv) The drained angle of internal friction of fine grained soils obtained from triaxial
compression test was found to be higher than that obtained from direct shear
test. The reason for this difference may be due to the shape of the clay sized
particles present in the fine grained soils.

(v) Depending on the mode of shear in interface direct shear test, the interface
conditions can be classified into two types such as Type A and Type B. In Type
A mode of shear, the solid material is placed above the sand whereas the solid
material is placed below the sand in Type Bmode of shear. In Type Amode, the
interface friction angle is independent of unit weight and its maximum limiting
value for very rough interface is the critical state angle of internal friction of
sand. However, in Type B, mode of shear the interface friction angle depends
on the unit weight for a givenmaterial. For very rough interfaces, themaximum
limiting value of interface friction angle is the peak angle of internal friction
of sand.
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Chapter 4
Estimation of Dredged Fill Volume Based
on Self-weight Consolidation
Characteristics of Dredged Soil

Eun Chul Shin, Young Jin Park, Jeong Ku Kang and Jeong Jun Park

4.1 Introduction

Dredged soil is widely distributed in the coastal area adjacent to land, so it is easy
to get the volume. However, it does not settle immediately, because it flows into the
state of slurry, which is a mixture of fine granular soil and water, and is sent out in a
high water content state. After settling and sedimentation, it then shows self-weight
consolidation settlement behavior. As a result, this makes it difficult to accurately
predict the amount of landfilled dredge landfill, and sometimes there are problems
in design and construction.

According to the Korean Geotechnical Society [1], the most important design fac-
tor is the proper calculation of dredging volume in landfill, and this can be estimated
by the volume and loss rate of the landfill. According to the port design standards of
the Ministry of Oceans and Fisheries [2], it is most desirable to evaluate the loss rate
in dredging landfill based on experiments. If not, the retention ratio is proposed to
calculate the dredging volume according to particle size. However, it is difficult to
calculate accurate dredging quantities with a wide range of settings; therefore, it is
necessary to apply a reasonable method to estimate the dredging volume properly.

In the case of dredged clay with high water content, consolidation occurs due to
self-weight, and the length of drainage is too long, so that it is difficult to analyze by
the theory of Terzaghi [3].
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The precipitation and self-weight consolidation behavior of dredged soil were
suggested byMikasa [4], Gibson et al. [5], and Shin [6] concluded that the laboratory
results based on the finite deformation theory are in good agreement with the field
measurements.

Kynch [7] proposed the characteristics of interference and interfacial settling by
mathematically identifying the settling of particles. Imai [8] conducted precipitation
experiments on Japanese dredged clay, and studied the interaction between settling
and consolidation. Been and Sills [9] identified the initial void ratio of dredged soil
through a series of experiments.

Comprehensive theory on the sedimentation and consolidation process of soil par-
ticles was developed by Pane and Schiffman [10]. In particular, Yano [11] proposed
the empirical property relation, which is widely used in Korea.

In Korea, Jeong and Yoo [12] investigated the settlement consolidation behavior
of dredged soil throughMikasa theory and laboratory tests, and experimental studies
on the settling characteristics of marine clay were performed mainly by Kim [13],
Song et al. [14], Lee et al. [15, 16]. Jee andLee [17] compared the results of numerical
analysis using the PSDDF program and model experiment.

Yoo et al. [18] conducted a numerical analysis using a centrifugal model test, ana-
lyzing the constitutional relationship of the dredged landfill with high water content.
Kim et al. [19] proposed a method for estimating the amount of dredged landfill by
conducting a study on the determination of the loss rate of dredged soil.

Recently, Lee and Lee [20] and Lee and Choi [21] analyzed the characteristics of
the settling consolidation behavior of dredged soil in landfill area.

The purpose of this study is to investigate the method of calculating the amount
of dredged landfill by self-weight consolidation experiment on the dredged soil of
Incheon harbor used for the Songdo 11 district landfill construction project. The
amount of dredged landfill was estimated through the basic physical property test of
dredged soil that occurred when dredging the port area. The relationship between
the loss rate and the amount of dredged landfill generated in the process of pump
transportation to Songdo area was analyzed.

4.2 Consolidation Theory Considering Self-weight
Consolidation

4.2.1 Estimation of Landfill Volume

Themethods of landfilling are amethod of pumping dredged soil to a landfill by pump
type dredger, and a method of dredging by using bucket dredger, dipper, backhoe
dredger, grab dredger, etc., and landfilling with soil from inland.

When dredging with pump dredging, in the process of excavating the dredged soil
and transporting it to the landfill through the discharge pipe, the soil may float, and
some of it may be lost outside of the planned landfill. At this time, the accumulation
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in the planned area without loss is called the retention amount. The percentage of
retention amount is called the retention ratio. Estimating the dredging volume based
on the retention ratio is based on Eq. 4.1:

V � V0

P
(4.1)

where, V is the volume of the landfilled soil (m3), V0 is the volume of the total
landfill (m3) considering the settlement rate and the shrinkage rate, and P is the
average retention rate (%) of the landfill by the pump dredger.

When designing a landfill site, the retention ratio is calculated by the average after
self-weight consolidation test or calculating the retention ratio according to the grain
size and species of the dredged soil. Table 4.1 shows the shrinkage rates according
to soil types.

The settlement rate is expressed by the settlement amount for the ground layer
thickness and settlement value by Terzaghi’s one-dimensional consolidation theory.

The retention rate of the dredged landfill means the weight ratio of the landfill to
the dredged soil. There are various factors for the retention rate, such as the grain
size, location and height of extra banking, distance from the drainage hole, and the
landfill area.

According to the design standards of harbor and fishing ports [2] when the dredg-
ing rate cannot be determined experimentally, as shown in Table 4.2, it is stipulated
that the retention ratio can be applied to each soil type. But there are limitations
to calculating the appropriate amount of dredging, because of the wide range of
applications.

Table 4.1 Shrinkage ratio with soil type

Soil type Shrinkage ratio (% with depth of layer)

Clay soil layer Less than 20

Clay and sandy soil layer (mixed soil layer) 10–15

Granular soil layer 5

Table 4.2 Retention ratio
with soil type

Soil type Retention ratio (%)

Clay or clayey silt Less than 70

Sand or sandy silt 70–95

Gravel 95–100
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4.2.2 Settlement Consolidation Characteristics of Dredged
Soils

Self-weight consolidation settling curves are classified into sections of flocculation,
settling with increasing settling velocity, and consolidation settling. At this time, the
starting point of consolidation settlement is generally based on the inflection point
at which the settling velocity slows down.

The time of self-weight consolidation is the time corresponding to the intersection
point of the tangent line in the settlement section and the consolidation settling step.
In the time-settling curve, the point that meets the tangent line at the bottom curve
becomes the end point of settling, and this end point can be estimated as the self-
weight consolidation time.

Figure 4.1 shows the method for determining the starting point of self-weight
consolidation through the separation of the settling and consolidation step.

When a sample having the same initial water content and different contents of
fine particles has settled and consolidated, the dredged soil, which has the form of
section settlement, enters the self-weight consolidation step according to the passage
of time through the sedimentation and accumulation steps. In the relation between the
interface height and sedimentation time, a linear relationship Eq. 4.2 can be obtained,
and the interface can be obtained as Eq. 4.3:

log H � log h1 − CS · log t (4.2)

Fig. 4.1 Determination of the starting point of self-weight consolidation
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H � h1 · t−CS (4.3)

where, h1 is a constant indicating the height at which H � h1 at t � 1 (min), and CS

is the settling consolidation coefficient.
The beginning point of the straight line is the start point of self-weight consolida-

tion,while the end of the straight line is defined as the self-weighted consolidation end
point. The coefficient of sedimentation self-weight consolidation can be expressed
as the slope between the two points, as expressed in Eq. 4.4:

Cs � log(Ht0/H)

log(t/t0)
(4.4)

where, Ht0 is the interface height at time t0.
In general, the relation between the real soil height and the interface height is

given by:

Hs � H

1 + Gs/Gw · w̄ � H

1 + ē
(4.5)

where, H0 is the initial interfacial height, Gs is the specific gravity of the soil, Gw is
the specific gravity of water, w̄ is the average water content of the dredged soil, and
ē is the average void ratio of the dredged soil.

The dredged soil with the same initial water content and different heights were
settled, then assuming that the consolidation settling start time shown in each settling
curve is expressed as t0, and the time when entering the creep behavior is t100, the
self-weight consolidation formulae in the consolidation settling zone between the
time (t � t0–t100) and the interface height (H) can be obtained.

Figure 4.2 shows the height of the real soil height with the interfacial height at
time (t0, t100):

When the self-weight consolidation start and end point according to the water
content ratio are indicated by the real soil height of the logarithmic scale, a linear
relationship is established. From this, it is possible to obtain the real soil height for
the initial surface height of the landfill, as shown in Eq. 4.6:

log H � log h2 + Ck log Hs (4.6)

where, h2 is the surface height, and is the intercept at the real soil height Hs � 1,
and Ck represents the slope of the surface high-real soil height graph.

The landfill height is estimated using the real soil height calculated from the
sedimentation consolidation test. It is possible to finally calculate the volume change
ratio by using the relationship between the void ratio and the water content ratio.



56 E. C. Shin et al.

Fig. 4.2 Height of dredged soil with Hs at t � 0 and t � 100

4.3 Laboratory Model Experiments

4.3.1 Physical Properties Test of Dredged Soil and Residence
Soil

Samples of the dredged areawere collected in the first and third container wharfs, and
entry route extension areas. The natural water content was (51.1–97.9)%, liquid limit
was (25.6–28.1)%, and liquid index was 4.9 or more. This shows the characteristics
of the unconsolidated clay.

The particle size distribution was in the range of (69.3–87)% on the #200 sieving
percentage, and it was classified as clay silt or silt belonging to fine-grained soil.
Table 4.3 shows the experimental results of the samples taken from each area.

The physical properties of soil samples of the landfill site were obtained from
the three sites. The natural water content was (31.5–36.4)%, the liquid limit was
(34.5–48.3)%, and the liquidity index was (0.7–1.0). These values show normal
consolidation soil characteristics. The particle size distribution shows that the #200
sieve passage percentage is 95% or more, since the PI value exceeds the plasticity
A-line. All of them were classified as clay (CL). Table 4.4 shows the test results of
the landfill soil.

The 60% passing diameter (D60) of the dredged sample was 0.05 mm, the 30%
passing 155 mm diameter (D30) was 0.015 mm, and the 10% passing diameter (D10)
was 0.002 mm. The coefficient of uniformity was 6 or more, while the curvature
coefficient was about 2.25, which show that the landfill soil was composed of silt
soil with relatively good grain size.
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(a) Dredged soil (b) Ground soil

Fig. 4.3 Cumulative particle distribution curve

In addition, the characteristics of the soil constituting the land fill area were
0.02 mm for D60, 0.004 mm for D30, 0.001 mm for D10, with uniformity coefficient
of 6 or more, and curvature coefficient of 1 or less. Figure 4.3 shows each soil
characteristic:

4.3.2 Sedimentation Consolidation Test of Dredged Soil

The sedimentation and self-weight consolidation characteristics of the dredged soil
used in the Songdo 11 district landfill in Incheon were analyzed.

For the sedimentation consolidation test, a cylindrical mold with a diameter of
150 mm and a height of 1,000 mm was produced according to the Yano test method,
as shown in Fig. 4.4.

The coarse sand of #40 or more was excluded based on the grain size analysis
of each dredged area sampled, and the mold was charged with each water content
condition. Air was injected from the bottom of the mold, and sufficiently agitated,
before performing the sedimentation experiments. The sedimentation consolidation
characteristics were analyzed according to water content, fine particle content, and
depth of sedimentation.

The sedimentation self-weight consolidation tests of dredged soils were carried
out at (400, 700, and 1,000) % of the water content of samples. After the samples
were prepared according to the water content ratio, the initial concentration of the
sample was measured using a measuring cylinder to calculate the initial void ratio.

The experimental conditions were set by remeasuring the water content of the
specimens dumped into the mold. In order to analyze the sedimentation-self weight
consolidation characteristics according to the content of fine-grained soil, samples
of (50, 65, and 80)%, respectively, of sediment of #200 or more were sedimented,
and the consolidation coefficient Cs was calculated and compared.
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(a) Test for high water 
             content

(b) Test for low water 
             content

Fig. 4.4 Instrument for self-weight consolidation test

Finally, the sample with the same water content was settled at the height of (60
and 80) cm, and the height of boundary surface and the height of real soil volume
correlation at the self-weight consolidation start time t0 and end time t100 were shown.
Then, the linear relationship between the start and the end point wasmade. Figure 4.5
shows the procedure of the sedimentation consolidation test according to the depth
of sedimentation:

4.4 Analysis for the Results of the Sedimentation-Self
Weight Consolidation Test

4.4.1 Calculation of Sedimentation Consolidation Coefficient

In order to predict the amount of self-weight consolidation settlement and volume
change after completion of dumping, the slope of the self-weight consolidation
behavior should be checked by connecting the start and end points of the linear
section. The starting point is the inflection point at which the sedimentation—con-
solidation curve slows down. According to the Yano method, the point where the
straight line starts from the sedimentation—consolidation curve is taken as the start-
ing point. After the consolidation is completed, the end point is set as the end point
of self-weight consolidation, and the slope and intercept are calculated.
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(a) Height of dredged soil, 80 cm (b) Height of dredged soil, 60 cm 

Fig. 4.5 Self weight consolidation test with different height

For dredged soil samples of four areas of Incheon port, the water content was
adjusted to (400, 700, and 1,000)%. Under the condition that the content of the
fine grained soil is the same, as the water content increases, the sedimentation-
consolidation factor value decreases. The higher the water content ratio, the shorter
the self-weight consolidation time.Under the same conditions ofwater content, as the
content of the clay is increased to (50, 65, and 80)%, the initiation of sedimentation
-consolidation tends to be delayed.

Figure 4.6 shows the analysis results of the start and end points on the self-weight
consolidation test for each section sample:

The content of the clay was adjusted to (50, 65, and 80)%, and as a result of
estimating the sedimentation-consolidation coefficient Cs, the sedimentation con-
solidation coefficients for (50, 65, and 80)% were (0.071–0.044), (0.055–0.041),
and (0.042–0.033), respectively. The consolidation coefficient was the largest at
50%. In the 400% water content, on increasing the amount of fine-grained soil,
the sedimentation-consolidation coefficient decreased linearly. In the case of (700
and 1,000)%, as the content of fine-grained soil increased, the sedimentation-
consolidation coefficient shows a decreasing tendency in the curve shape.

Figure 4.7 shows the sedimentation-consolidation coefficient, Cs variation for
each water content.
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(a) Container quay area (b) 1st lane area

(c) 3rd lane area (d) Expansion area for entrance

Fig. 4.6 Consolidation of dredged soil with water content

Fig. 4.7 Coefficient of consolidation with fine-grained soil content
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4.4.2 Relation Between the Height of Boundary Surface
and the Height of Real Soil Volume

The relationship (log Hs − log H ) between the actual soil volume height and the
surface height is linear, and the actual soil volume height can be calculated using the
surface height between the start point (t0) and the end point (t100) of the self-weight
consolidation test and the average void ratio.

If the water content is 400% at the start point of self-weight consolidation, A was
0.8041 and B was 0.9459, while at the end point, A was 0.6884 and B was 1.0026.

When the water content ratio is 1,000%, at the start point of self-weight consol-
idation, A was 0.8395 and B was 0.9476, while at the end point, A was 0.7419 and
B was 0.9725.

Applying these values in Eq. 4.6, it is possible to derive the equation between the
height of real soil volume and the height of boundary surface.

Figure 4.8 graphs the relationship between the height of real soil volume and the
height of boundary surface to calculate the coefficient.

In case of water content of (400 and 80)% of fine-grained soil content, the rela-
tionship between the start and the end point of consolidation is as shown in Eq. 4.7:

t0 : log H � 0.8041 + 0.9459logHs

t100 : logH � 0.6884 + 1.0026log Hs
(4.7)

Depending on the water content and fine-grained soil content of dredged soil, Jang
[22] presented the relationship between the surface height and the actual soil height
through various sedimentation experiments.

According to the empirical formulae in this study, when the initial water con-
tent was 400% and the fine-grained soil content was 80%, the sedimentation-
consolidation coefficient value was 0.03297 cm/min.

(a) Water content 400 % (b) Water content 1,000 % 

Fig. 4.8 Relationship of H versus Hs with water content
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4.4.3 Prediction of Volume Change Ratio

Using the surface height and A and B coefficients, we predicted the ratio of change
in landfill height and volume over time. The volume change of dredged soil with
time can be obtained by using the specific gravity and water content. The dredged
soil was applied with the initial specific gravity of 2.7, the initial void ratio of 4.485
after completion of landfill, and the initial landfill height of 10.194 m.

H1, the initial value of the surface height at the time when the dredging dumping
is completed (t � 1 min), is calculated by Eq. 4.2. After dredging and landfill, log H
was calculated over time, and the landfill height change is estimated by Eq. 4.7.

Table 4.5 shows the actual soil volume height, landfill height, void ratio, water
content, and volume change ratio after settlement. As a result, it can be seen that
it takes about 2,920 days or more to change from the initial volumetric change rate
of 1.50 to the volumetric change rate of 1.06. In addition, at the end of two years
after the landfill has been completed, the volume change rate is 1.2; at this point, the
volume of all the dredged landfill was reduced to 83%.

Figure 4.9 shows the predicted behavior for water content, void ratio, and volume
change with elapsed time. According to the chart, it takes about 3,000 days or more
to reach a soil condition with a water content of 110%, a void ratio of 3.1, and a
volumetric change rate of 1.1.

Table 4.5 Height, void ratio, water content and volume change with elapsed time

Elapsed time
(day)

log H Height of
reclamation (m)

Void ratio Water
content (%)

Volume
change ratio

1 1.008 10.194 4.485 168.61 1.50

30 0.995 9.883 4.318 162.33 1.45

60 0.985 9.653 4.194 157.67 1.42

90 0.976 9.472 4.097 154.02 1.39

120 0.970 9.325 4.018 151.05 1.37

150 0.964 9.201 3.951 148.53 1.35

180 0.959 9.093 3.893 146.35 1.34

210 0.954 8.999 3.842 144.44 1.32

240 0.950 8.915 3.797 142.74 1.31

365 0.936 8.639 3.649 137.18 1.27

730 0.912 8.163 3.393 127.56 1.20

1,460 0.886 7.683 3.135 117.86 1.13

2,920 0.858 7.216 2.883 108.38 1.06
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(a) Variation of water content (b) Variation of void ratio 

(c) Variation of volume change  

Fig. 4.9 Prediction of water content, void ratio, and volume change with elapsed time

4.5 Prediction of Dredging Landfill Volume Using
the Numerical Method

The program applied in this study is a finite difference analysis program for the
settlement of dredged soil, and the primary consolidation, secondary compression,
and desiccation of dredged fill were programmed.

Based on the mathematical model proposed by Gibson et al. [5], the concept
of cα/cc proposed by Mesri and Godlewski [23] is introduced. The ratio of the
compression index (cα) in the second consolidation process and the compression
index (cc) in the primary consolidation process are constant under a certain pressure.

Figure 4.10 shows the relationship of cα/cc between (0.01 and 0.05) in the clay
soil of the dredging area:
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Fig. 4.10 Second
consolidation coefficient of
dredged soil in seaport
harbor area of the west coast

Fig. 4.11 Permeability
according to void ratio

4.5.1 Permeability and Stress Characteristics According
to Void Ratio

For self-weight consolidation analysis of dredged landfill, the important factors are
the water content, specific gravity, elapsed time, and initial void ratio. Figure 4.11
shows the permeability characteristics according to the void ratio of dredged soil.

The plastic index, desiccation limit, shrinkage index, saturation degree of desic-
cation limit, desiccation effect, and maximum drying depth are necessary factors for
effective stress calculation. Compression index and secondary consolidation coeffi-
cient ratios should be considered for long-term settlement.
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Fig. 4.12 Stress
characteristics according to
void ratio

Figure 4.12 shows the effective stress characteristics according to the void ratio
of dredged soil.

4.5.2 Dredging Landfill Height and Void Ratio Change
with Time

The dredged landfill shows consolidation characteristics in which large deforma-
tion of 50% or more occurs by self-weight consolidation. Therefore, the differential
analysis of the second differential equation is applied, rather than the micro strain
analysis.

Figure 4.13 shows the result according to the step-by-step dumping of dredged soil
in the port area of the west coast. The change of the void ratio is the main influence
on the change of the dredging volume. Figure 4.14 shows the change in void ratio
over time of the dredged soil.

The initial void ratio decreased from (4.485 to 2.0) after 4,900 days in the self-
weight consolidation step.

4.5.3 Change of Void Ratio and Effective Stress with Time

The pore water pressure at the beginning of dredging forms a triangular distribution
like water pressure and it can be confirmed that the pore water pressure is gradually
dissipated over time.
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Fig. 4.13 Change of
dredged landfill height with
time

Fig. 4.14 Void ratio change
with Time

Figure 4.15 shows the change in pore water pressure over time. The initial excess
porewater pressure tends to increase toward the deepest part depending on the surface
layer drainage, and as time passes, the dissipation process of the excess pore water
pressure by the lower drainage can be confirmed.

Effective stress is not initially expressed. But the effective stress tends to gradu-
ally increase as the drainage of pore water is made by upper drainage, self-weight
consolidation, consolidation settlement, etc. Figure 4.16 shows the increase trend of
effective stress over time after the dredging of 4 stages.



4 Estimation of Dredged Fill Volume Based on Self-weight … 69

Fig. 4.15 Change of pore
pressure with time

Fig. 4.16 Change of
effective stress with time

4.6 Propose Calculation Method of the Dredged Landfill
Volume

Regarding dredging landfill, factors of soil investigation of ground, soil penetration,
negative pressure and desiccation, self-weight consolidation mechanism, numerical
analysis modeling, dumping method, etc. should be considered.

In this study, for analysis of the mechanism of self-weight consolidation, esti-
mation of the start & end-point and volume ratio of self-weight consolidation, and
experimental studies and numerical methods for the retention rate were conducted.
The settlement rate of foundation ground was considered for the estimation of
dredged soil volume.



70 E. C. Shin et al.

Fig. 4.17 Determination of landfill volume using the retention rate, compression rate, and settling
rate

In case analysis, the improvement for calculation of dredging quantity is suggested.
The amount of dredged soil is calculated by calculating the retention rate of dredged
landfill, calculating the compression rate, and calculating the settlement rate of the
foundation ground.

Considering the effects of infiltration, desiccation, and dumping of dredged soil,
we proceed with estimating the amount of landfill. Figure 4.17 shows the concept of
calculating the amount of dredged soil using the retention rate, compression rate and
settlement rate. Figure 4.18 shows the procedure for predicting the dredged amount.

4.7 Conclusion

In this study, after dredging and landfill, the volume change was analyzed in the west
coast dredged soil. For this purpose, the basic physical properties of the dredged and
clay samples collected from the dredging area, and sedimentation and self-weight
consolidation tests were carried out according to the contents of fine-grained soils.

Based on the results of the laboratory tests, and prediction of the future consolida-
tion characteristics of the landfill, we revised the existing retention rate calculation
standard.

The main conclusions of this study are as follows:

1. When calculating the landfill amount, according to the standard of construction,
the range of retention ratio on sand or sandy silt is wide, from (70 to 95)%. It
is not possible to provide a proper calculation of the dredged amount. In order
to compensate for the fine changes of the landfill soil and comprehensive range
of the existing, it was proposed that the retention rate be calculated according to
the content of fine-grained soil.

2. As a result of the basic physical property tests of dredged samples and ground clay
samples collected at the site, most dredged samples were classified as ML. After
sedimentation of dredged soils containing (50, 65, and 80)% of fine-grained soil
withwater contents of (400, 700, and 1,000)%, the volumetric changes of dredged
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Fig. 4.18 Procedures for estimating the dredged soil volume

soil with timewere analyzed.Analyzing the actual soil volume of dredged landfill
soil, at the present time, two years after the dredging landfill, the retention ratio
is lower than that of the existing design method.

3. In the sedimentation test using dredged soil, as the water content was lower,
the sedimentation consolidation coefficient was higher; and as the water content
was higher, the sedimentation consolidation timewas faster. In contrast, when the
content of fine-grained soilwas increased to (50, 65, and80)%under the condition
of the same water content ratio, the starting point of sedimentation-self weight
consolidation tended to be late. The reason for this is firstly, as the amount of
coarse dredged soils is increased, consolidation sedimentation is terminated early,
and secondly, as the fine-grained soil increases, the sedimentation consolidation
coefficient Cs becomes smaller, due to floating phenomena.

4. From the relationship between the sedimentation—self weight consolidation
coefficient Cs and the surface height and the actual soil volume, the coefficients
A and B were calculated by the total dumping method. After the completion
of dumping, the water content, void ratio, and volumetric change ratio with
time were predicted. It is possible to calculate the reasonable dredged amount
by applying the retention ratio according to the content of fine-grained soil in
various conditions.

5. Numerical analysis on the volume change of the dredged landfill based on the
finite deformation theory shows that it behaves similarly to the volume change
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obtained by self-weight consolidation experiment. Therefore, it is possible to
design an economical and effective dredging landfill by carrying out sedimen-
tation consolidation experiments under various conditions, and setting up the
influential factors.

Although a reasonable method of estimating the retention ratio by the
sedimentation-consolidation test method has already been proposed, various appli-
cations of the retention ratio estimation method are lacking. In order to improve esti-
mation, it is expected that reliable data accumulation should be continued through
additional experimental study on the water content and fine-grained soil content.
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Chapter 5
Recommended Practice for Soft Clay
Characterization with a Focus
on Settlement and Stability Analysis

Vikas Thakur and Samson Abate Degago

5.1 Introduction

Safe and economical construction on soft clay deposits demands a complete under-
standing of parameters that govern stability and settlement issues. This is a com-
plicated problem, as detection and characterization of soft clay can be challenging
Ideally, once detected, the geotechnical properties of the soft clay deposit should be
measured in the field, at in situ condition, but this is not completely feasible and
therefore supplementary sampling and laboratory testing are done to gather infor-
mation on soil behavior. Sampling of soft clays is an expensive affair that requires
special skills and careful handling. Still, sample disturbances in soft clay samples
are unavoidable. The literature suggests that sample disturbances result in lower
undrained shear strength and lower pre-consolidation pressure of soft clays. There-
fore, scrutiny of the laboratory test results along with assigning degree of confidence
to the design parameters is crucial.

In this paper, a systematic study is presented along with the recommendations
related to detection of soft clay layers, deformation and strength characteristics of
soft clays and a procedure to establish representative design parameters.
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5.2 In Situ Methodologies to Detect Soft Clay Layers

The in situ methods applied to detect soft clays must be chosen based on the appli-
cability of the methods for the actual ground conditions, the required soil data in the
project and a cost–benefit perspective. For use in current practice, it is important to
present recommendations based on the experiences and observations made with var-
ious detection methods. The most widely used methods for soil profiling are borings
with standard penetration tests (SPT) that recover split spoon samples. However, in
terms of cost-effectiveness, the most common method to detect soft clay layer is
rotary pressure sounding. The detection of soft clay layer by conventional sounding
methods may, however, be influenced by features in soil composition and layering
such as laminated clays with sand- and silt lenses, soft clay layer below a layer of
variable thickness and content of coarse materials, and loose, water-saturated silt
and sand. In particular, thick and dominating top layers with the presence of stiff and
coarse materials may influence the penetration force significantly. This may con-
ceal deep-laying layers of soft materials. Predrilling through such layers is generally
recommended.

In terms of reliability, cone penetration tests (CPT) with pore pressure measure-
ments (CPTU) and field vane shear tests are the most accurate in situ methods for
soil profiling. In Scandinavian countries, the CPT with pore pressure measurements
(CPTU) is considered to be the common method for detecting soft clay layers and to
characterize it. CPTU has a great potential for detection of soft clay layers through
measurements of cone tip resistance, sleeve friction, and pore pressure. Figure 5.1
illustrates the results and the interpretation of four different CPTUs carried out in a
central part of Norway, around Trondheim. Using the Robertson’s soil behavior-type
classification chart, shown also in Fig. 5.2, it is possible to interpret the ability of
CPTU to provide information that can help in establishing a continuous strength
and deformation parameters [20, 41, 47]. There are extension to CPTU to add more
measurements such as resistivity-CPTU (R-CPTU) and seismic CPTU (SCPTU).

There exists emerging technologies such as electromagnetic resistivity tomogra-
phy (ERT) and airborne electromagnetic mapping (AEM), where limited experience
exists from practical use. The electric resistivity of soils is generally a function of
porosity, the ion content of the pore water, salinity, clay content, and content of the
charged minerals such as graphite and some sulfides. It is emphasized that local site-
specific variations from the tabulated values may occur. The difference in resolution
between the different geophysical methods for resistivity measurements is impor-
tant to be aware of when comparing the results obtained with these methods. The
measurements are representative for a soil volume ranging from some centimeters
to some tens of centimeters for R-CPTU, some meters or tens of meters for ERT,
and finally some tens of meters to some hundreds of meters for AEM. For example,
resistivity values measured by R-CPTU for a 3 m thick clay layer over rock with
high resistivity will be correct, whereas ERTmeasurements will be influenced by the
rock, even in shallow measurements. AEM will probably not be able to detect the
clay layer at all. The same will be the case for thin layers that are depicted sharply by
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Fig. 5.1 CPTU soundings on the Tiller clay deposit. uo is the in situ pore pressure, qt is the cone
resistance corrected for pore pressure, and u2 is the pore pressure measured just behind the cone tip
[3]

Fig. 5.2 Interpretation of the CPTU03 (Fig. 5.1) using soil identification using Robertson’s dia-
gram. Here, Qt is the normalized net tip resistance, qt is the corrected tip resistance, σvo σ ′

vo is the
total/effective vertical in situ stress, Fr is the normalized sleeve friction, f s is the measured sleeve
friction, Bq is the pore pressure ratio, u2 is the measured pore pressured, and uo is the in situ pore
pressure
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R-CPTU, but will show a gradual transition in presentation of ERT- and AEM-data.
Except from these conceptual limitations, experience show that the measurements
agree well where the soil conditions are favorable [20, 41].

5.3 Undisturbed Soft Clay Sampling and Sample
Disturbance

Once the existence of soft clay deposit is detected, the next step will naturally be
extracting undisturbed samples to characterize thematerial. The applicability of engi-
neering parameters for geotechnical design is linked to the quality of soil sampling
and testing. Over the years, significant efforts have been made to improve and refine
the sampling techniques. The literature confirms that soft clays are prone to sample
disturbance, especially when sampled using tube and piston samplers. Several dif-
ferent stages during the acquisition of a soft clay sample, e.g., drilling, sampling,
transport, storage, extrusion, and handling of the sample prior to testing may have a
negative effect on sample quality. Despite this conventional tube and piston samplers,
they are still commonly used in soft soils. During penetration of the tube/piston sam-
pler, shear distortions are induced by the displacement of the soil around the sampler
and by friction between the tube walls and the sampled soil. As a results of this, the
clay sample experiences a cycle of compression–extension strains during sampling.
Excess pore pressure builds inside the soil sample leading to the reduction in effective
stress.

A comparison done by Amundsen [3], shown in Fig. 5.3, confirms that soft clay
samples collected using tube samples generate large amount of excess pore pres-
sure compared to Sherbrook block samples. This could perhaps explain why block
samples yields a better sample quality than samples collected using tube sampler. It
is worth mentioning that the magnitude of the sampler-induced disturbance caused
by the cutting-edge taper geometry of the samples depends on the sampler geome-
try and is directly related to the sample disturbance, meaning that thin-walled tube
samplers may produce samples of higher quality than thick-walled tube samplers.
Moreover, Amundsen and Thakur [2] have shown that the quality of soft clay samples
deteriorates with prolonged storage time.

Varying sample quality can also give varying soil compressibility parameters with
respect to stress and time actions. This is exemplified with the data from the Väsby
test fill, where incremental oedometer results on samples taken from similar depth
but using two different samplers are presented, Fig. 5.4. The interpreted OCR from
the high-quality data (200 mm sampler) is 1.6 while an OCR of 1.1 is interpreted
from the low-quality data (50 mm sampler). In addition, one can see variations in the
compressibility parameters that can be interpreted from the data shown in Fig. 5.4. It
is thus crucial to aim for highest possible sample quality for the best possible estimate
of settlements.
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Fig. 5.3 The registered pore pressure changes in soft clay samples extracted using 95 mm piston
sampler (by Schjetne [42]) and block sampler (by Amundsen [3]). uo, and u refers to the in situ
pore pressure and the recorded pore pressure inside the soil samples. +ve u/uo refers to the excess
pore pressure and −ve values refers to suction inside soil samples

Fig. 5.4 Effect of sample
disturbance (after [31])

Sample disturbance is virtually unavoidable in soil samples extracted from in situ.
However, the extent of sample disturbance varies from sample to sample and ideally
one aims to acquire a sample with highest quality possible. Still, one could encounter
situations where field settlement calculations have to be made and the available sam-
ples are of lower quality. In such cases, it is important to understand the implications
of using parameters interpreted from samples of lower quality. For more details on
this, the reader is refereed to Degago and Grimstad [16].

Amundsen [3] summarizes the main effects and consequences of sample distur-
bance in soft clay samples are as follows:

Effects

• mechanical disturbance of the soil structure (centerline and periphery strains)
inflicted by the sampling equipment;
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• stress relief in the sample due to extraction from the soil deposit; and
• additional disturbance after sampling caused by transport, storage duration, storage
conditions, and handling.

Consequences

• inhomogeneous variation of the void ratio within the sampling tube; and
• pore pressure equalization and water migration followed by swelling of the soil
structure;

• reduction of peak undrained shear strength and lower pre-consolidation pressure;
• shrinking of the bounding surface of the soil;
• chemical changes during storage.

In short, what exactly constitutes an “undisturbed sample” is unknown, as no
definitive method exists to obtain a “perfect sample.” Therefore, sample quality
assessment becomes essential to assign a confidence level to laboratory test results
regardless of the sampling methods and types. In the literature, there exists several
assessment for this (see brief summary inTable 5.1). Each of these assessment criteria
are intrinsically linked to one specific type of laboratory test. Triaxial and Odometer
test results are commonly assessed based on change in the void ratio (�e/e0), a
criteria proposed by Lunne et al. [35, 36]. This method is a well-adopted method for
soft clays in the practice and highly recommended to use. However the method is
not necessarily the best suited for the samples collected from greater depth.

5.4 Deformation in Soft Clays

5.4.1 Background and Definitions

Deformation in geomaterials can generally result due to changes in effective stress,
time, chemical processes, and temperature variations. For the most commonly
encountered geotechnical problems, it suffices to focus on deformation resulting
due to changes in effective stress and time (creep) and this will be also the case for
this article. Deformation characteristics of soft clays are an extensively studied topic
in soil mechanics. In various literatures, it is noticed that some basic terminologies
and concepts used to explain deformation aspects are used and interpreted differently
leading to some confusion. It is thus important to start discussing some aspects of
this topic by clarifying some basic terminologies and definitions.

Deformation of a saturated soil layer under loading consists of two successive
phases, namely primary and secondary consolidation. During primary consolida-
tion phase, soil deformation is accompanied by significant excess pore pressure and
changes in effective stresses. Whereas, during secondary consolidation, the soil con-
tinues to deform due to time effects under approximately constant effective stresses.
Deformations occurring in these phases can be divided into stress-dependent (elastic
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Table 5.1 An overview over various methods to assess sample quality of soft clays [1]

Year Method Parameter “Very good to excellent”
quality

“Very poor” quality

Triaxial and oedometer tests

1979–1988 Volumetric strain (εv0) at
in situ effective stress
(σ′

v0)

εv0 <1% >10%
>8%

1996 Specimen Quality
Designation (SQD)

εv0 <1% >8%

1997 Change in void ratio
(�e/e0) [36], which
depends on the
overconsolidation ratio
(OCR)

�e/e0 <0.04 (OCR 1–2)
<0.03 (OCR 2–4)

>0.14 OCR 1–2)
>0.1Q (OCR 2–4)

2013 Oedometer stiffness ratio
[25]

M0/ML >2.0 <1.0

Uniaxial compression tests

1979 Strain at failure (εvf ) in an
unconsolidated and
undrained (UU) test on
soft clay

εvf (UU) 3–5% 10%

1980 Unconsolidated and
undrained shear strength,
su(UU), measured in the
laboratory

su(UU) Relative assessment based on information about stress
history and predicted strength using SHANSEP

Suction and shear wave velocity measurements

1963–2002 Residual effective stress
(σ′

s) and the effective
stress for a “perfect
sample” (σ′

ps)

σ′
s/σ

′
ps ≈ 0.25 − 0.50 (OCR > 1.5)

≈ 0.05 − 0.25 (OCR < 1.5)

1996–2000 Soil suction (ur ) ur/σ′
v0 ≈ 1/5 to 1/6

2007 Shear wave velocity (V ),
Vvh is measured in the
field and VSCPTU is from
SCPTU

Vvh/VSCPTU ≥0.60 <0.35

2010 Combination of
normalized shear wave
velocity (Lvs) and
normalized soil suction
(Lu)

Lvs
Lu

Lvs< 0.65
Lu < 0.4

Lvs> 0.8
Lu > 0.6

1985–2014 Radiography Visual identification of sample disturbance

and plastic deformations) and time-dependent (creep) deformations. Primary con-
solidation thus consists of both stress-dependent and creep deformations; whereas,
secondary consolidation consists of only creep. A key aspect to notice here is that
creep exists in the entire phases of primary and secondary consolidation, i.e., creep
does not start with secondary consolidation.

It is worthwhile to mention that the interplay of creep and consolidation during
primary consolidation has been a topic of intense discussion, especially since this
was formally raised by Ladd et al. [29]. However, relatively recent and extensive
studies have convincingly showed that creep during consolidation is best captured
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using creep hypothesis B (e.g., [10, 13, 33]). These studies at the same time have
showed that hypothesis A, advocated in various works (e.g., [38, 39]), is simply
wrong with various illogical implications (for details see [12]). Hypothesis B, which
can be described by isotache concept [46], captures various features of soft clays
convincingly and is thus used as a framework in presenting various practice recom-
mended in this article.

5.4.2 On Framework for Modeling Deformation of Soft Clays

Soft clay deposits particularly soft marine clays are characterized by their strong ten-
dency to exhibit high rate dependency (to undergo significant creep deformation),
destructuration and anisotropy (see e.g., [5, 7, 46]). For thorough treatment of the
interplay between these features, a reference is made to Grimstad et al. [17] and
Grimstad and Degago [18]. However, in this work, an emphasis is given on elabo-
rating the role of rate dependency of natural clays in a simplified way and in relation
to its practical aspects.

In practice, settlement analyses of soft clay deposits in situ are commonly per-
formed based on soil data obtained from the laboratory tests. However, the duration
for completion of the primary consolidation phase is significantly different for a
thin laboratory specimen as compared to a thick in situ soil layer. For a labora-
tory specimen, the primary consolidation duration could be in the order of minutes;
whereas, it could take several decades for a thick soft clay deposits in situ [30, 33].
It is thus important to develop a clear understanding of the primary consolidation
phase in order to establish deformation characteristics of soft clays. The difference
in consolidation periods gives rise to different strain or deformation rates. The strain
rate dependency of clays implies that the resulting effective stress–strain relation-
ship would be different for laboratory and field condition (e.g., see Fig. 5.5). A key
implication of this is that the experienced pre-consolidation stress would also be rate
dependent. This concept is referred to as the isotache concept [46] and is sketched
in Fig. 5.5 by considering the two cases with similar incremental loadings up to
end-of-primary (EOP) state but different strain rates.

The isotache concept states that the creep strain rate is given by the current stress
and strain state, i.e., there is a unique relationship between stress, strain and strain
rate [5, 46]. This remains valid during the entire soil compression process (primary
and secondary consolidation phases). The concept sketched in Fig. 5.5 is meant
to illustrate a key isotaches principle, i.e., fast versus slow consolidation duration
which could also be understood as either laboratory versus field condition; or a
consolidation test conducted at a fast strain rate versus one conducted at a slower
strain rate (e.g., different sample heights or drainage conditions). The implication
of strain rate dependency is that the resulting pre-consolidation stress (OCR) is not
unique but dependent on the strain rate (reference time) used to determine it. Thus,
one should always use pre-consolidation stress or OCR along with the corresponding
strain rate or reference time.
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Fig. 5.5 Sketch illustrating
effective stress versus
end-of-primary (EOP)
consolidation strain
relationships for varying
strain rates (consolidation
periods) as implied by the
isotache concept

.
.

.

5.4.3 On Key Parameters for Calculation of Creep
Deformation

To accurately calculate time histories of settlement and pore pressure responses, a
constitutive model with a fully coupled consolidation analysis with creep must be
performed. By studying creep behavior test data, in both laboratory and field, some
mathematical equations that fit the observedmeasurement data can be established. To
begin with, the isotache concept is very appealing as it is simple and its main param-
eters can are easily be determined from standard laboratory tests. Demonstration of
how well the isotache concept can simulate laboratory tests and field measurements
can be found in, e.g., Degago et al. [10, 13].

The isotache concept [46], defines creep stain rate as a function of time as shown
in Eq. 5.1.

ε̇ � μ∗

t
(5.1)

where ε̇ � the strain rate; μ∗ � the modified creep parameter; and t � time. The
isotache concept also uniquely relates volumetric creep strain rate (ε̇vpv ), equivalent
effective stress state (peq)and equivalent reference pre-consolidation stress (peq0 ). This
relationship as adopted in the soft soil creep (SSC)model [44] is presented in Eq. 5.2.
SSC model is implemented in the commercial FE-code Plaxis.

ε̇vpv � μ∗

τ
·
(
peq

peq0

) λ∗−κ∗
μ∗

(5.2)

where λ∗ and κ∗ � the modified compression indexes for virgin compression and
recompression line, respectively; τ � a reference time corresponding to the specified
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OCR or (peqo /peq). A typical value for τ is usually selected to be one day as the standard
incremental oedometer tests are performed with one day increments.

5.5 Recommended Practice to Establish Deformation
Characteristics of Soft Clays for Settlement
Calculations

Some important aspects that are considered to contribute as recommended best prac-
tice in characterization of soft clays with a focus on settlement calculations are
highlighted below by classifying them into various broad categories. A key aspect
that needs to be clarified in such assessment is to evaluate the actual importance
of accurate settlement calculation which could vary from project to project. The
assumption made here is that there is a need for as accurate as possible settlement
calculations.

5.5.1 Sample Quality

Settlement analysis of field conditions are normally performed based on soil param-
eters derived from laboratory tests. Hence, it is crucial that data extracted from the
laboratory samples have the desired level of quality and be representative of the soil
in situ to give acceptable prediction of field performances. Parameters usually needed
for settlement calculations include compressibility parameters, OCR, permeability,
and change of permeability and strength parameters. All these parameters can be
affected by sample quality to various extents. Soft clay deposits in normally con-
solidated state typically exhibit an apparent over consolidation ratio owing to aging
[5]. Thus, OCR is one of the most important parameters needed for accurate creep
settlement calculations. However, the correct interpretation of OCR crucially hinges
on sample quality as it can easily be affected by sample disturbance [4, 9, 28, 31, 34,
35, 36].

5.5.2 Laboratory Testing

Oedometer test is primarily used to establish key settlement parameters. However, it
must be said that the standard oedometer test is not the ideal test procedure. This is
due to the difficulty that arises from the inherent nature of the standard oedometer
test procedure—i.e., it is not fully representative of the actual field condition due
to uncertainties in the initial stress state and stress path during loading. This is
particularly important around the stress state near the pre-consolidation stress (p

′
c)
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where the effect is most pronounced. The shape of the reference surface and the
selected Poisson’s ratio (v) will influence the interpreted pre-consolidation stress
from the simulation (thus the inputOCR to themodel is not the same as the interpreted
OCR from the oedometer simulation). However, in the simulation of the field case,
the initial stress condition and the stress path followed are more representative of the
actual field condition. Hence, one should ideally aim to run oedometer tests starting
from the actual initial stress state in situ. To be able to do this, one would need
to perform oedo-triaxial tests, i.e., first consolidating to initial in situ stress state
with a K0-consolidated triaxial procedure then incrementally loading the sample, in
oedometer condition, to the final in situ stress state. Currently, there is an ongoing
research at NTNU to study this aspect. Constant rate of strain (CRS) oedometer test
is usually used due to its time efficiency while incremental load (IL) oeodometer test
is used to establish to creep parameter (μ* or Cα). When it comes to using IL test,
it is generally recommended to refine load steps around the relevant stress ranges.
Common to both CRS and IL test is that the tests should preferably be performed in
a temperature controlled room (temperature close to in situ) and at a room free from
vibrations (especially for IL tests).

5.5.3 Interpretation of Laboratory Test

As stated earlier, oedometer test poses an inherent challenge since one cannot impose
actual field stress pathwhen exceeding the pre-consolidation stress (p

′
c). However, the

current state of practice still uses oedometer test and the best that can be done to get
the most out of the test is to interpret the parameters in line with the numerical model
to be used for field calculation. This impliesmodelling the laboratory test numerically
with correct boundary and loading with an aim to back calculate the measured test
data. In this way, one can refine and extract parameters to be used for settlement
calculations. A key aspect here is that the laboratory data must be of the highest
quality. CRS oedometer test is run with a chosen rate and this affects the interpreted
OCR. It is thus, important to use a model that takes this into account. Different strain
rates give different implied OCR [32, 33]. This should not be a problem as long as
one always relates the resulting OCR with the adopted strain rate. In such cases, the
numerical model to be used must be able to establish the corresponding OCR for
the field strain rate. The same also applies for IL oedometer tests where the duration
between load increments affects the interpreted OCR. This can also be understood
as OCR without the test rate or reference time is incomplete data. It is generally
preferred to interpret settlement parameters using arithmetic plots. This is especially
important for OCR and creep parameter (Janbu’s time resistance number (rs) [24]).
When it comes to interpretation of creep parameter (μ∗ (�1/rs) or Cα), it is crucial
that one tries to avoid use of log (time) versus void ratio or strain plot as it is not
objective. Regarding this and recommended alternative way of interpretation, the
reader is referred to Grimstad et al. [19].
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Numerical simulation of a real case naturally involves certain appropriate ideal-
izations so that the case can readily be analyzed. In doing so, it is vital to interpret
soil parameters with special emphasis on the underlying assumptions of the selected
numerical model as well as the nature of the problem to be dealt with regard to the
applicable effective stress range along with the associated time considerations.

5.5.4 Settlement Calculation

Numerical model to be used for settlement calculation must be based on isotache
approach (hypothesis B), i.e., unique stress–strain–strain rate relationships as illus-
trated in Fig. 5.5. In literature and various practices, there exist several models for
settlement calculation with varying degree of complexity and advancement. It is thus
important to idealize the problem at hand in light of the numerical model to be used
for settlement calculations. This could be important attempt to take into account fea-
tures that a chosen model may not incorporate such as destructuration and anisotropy
(e.g., Degago and Grimstad [14]).

In numerical idealization of settlement analysis, it is often common to assume
small deformations; thus, neglecting effect of buoyancy. In many cases, this might
be a reasonable assumption. However, when large settlements are expected, disre-
garding the effect of buoyancy will give higher value of the calculated settlements.
This is because the effective stress change is not reduced in accordance with the
increasing soil layer settled under the ground water table. In Degago et al. [13], sam-
ple disturbance and buoyancy effects are shown to have significant influence on the
calculated settlements of a test fill with long-term measurements.

In some cases, where the main interest is to calculate the final settlement after
a certain period of time, a time-independent elasto-plastic model can also be used
to calculate these settlements. This can be performed by selecting a single isotache
that in average meets the final expected combination of stress and strain. An isotache
selected in this way would typically give a lower OCR and lower λ*. If the true
(undisturbed) OCR is known, then the corrected over consolidation ratio, OCRcorr

to be used with a time-independent elasto-plastic model can be established using
Eq. 5.3.

OCRcorr �
(

τ

tage

) μ∗
λ∗−κ∗

· OCR (5.3)

As shown inFig. 5.6,Degago et al. [13] numerically illustrated the approach shown
in Eq. 5.3 for Väsby test fill using models that disregarded creep, i.e., ILLICON and a
time-independent elasto-plastic model (the soft soil (SS) model in Plaxis). A detailed
treatment on using a lower OCR (OCRcorr) with a time-independent elasto-plastic
model to counterbalance the effect of creep can be referred to in Degago [15]. If the
available sample data is of a very low quality and one is only interested in the final
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Fig. 5.6 Settlement analyses
of the Väsby test fill using
lower OCR and numerical
models where creep and
buoyancy effects are
disregarded (after [13])

settlement, one can estimate settlement by simply neglecting creep and using a rate
independent elasto-plastic model with an OCR � 1.0.

5.5.5 Evaluation of Results

An important part of practicing settlement calculations is evaluation of obtained
results. This is especially important for cases when one cannot quantify the extent of
sample disturbance or when there is uncertainty in quality of parameters. It is also
important in cases where there is lack of experience in using a certain numerical
model or if there is limitation of the numerical model. In general, it is best to be able
to evaluate if the obtained results make sense or not. This can be done in various
ways such as by calculating the implied initial creep strain rate (Eq. 5.2) as well as
the implied creep age of the clay.

By combiningEqs. 5.1 and5.2, it is possible tofind an expression for the equivalent
age of the clay, tage, based on OCR (for the same KNC

o -line, KNC
o is the coefficient of

earth pressure under virgin loading) corresponding to a reference time τ , as

tage � τ · OCR λ∗−κ∗
μ∗ (5.4)

For a given value of (λ∗−κ∗)/μ∗, Eq. 5.4 can be used to estimate either the implied
age of a clay when an OCR corresponding to a certain τ is known; or, to estimate
an OCR corresponding to a certain reference time τ when the age of the clay, tage, is
known. This is based on an assumption that the ratio (λ∗−κ∗)/μ∗ is constant in time
(with deformation). However, in general this does not necessarily imply that λ* or
μ* are constant with time, even though this is common assumption in some models
such as SSC in Plaxis [45]. More on this can be referred to Degago and Grimstad
[14].
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Another important way of evaluating calculation result is to look at the settlement
rate of unloaded terrain or to look at far-field settlement as well as settlement rates.
Looking at the field settlements provides a benchmark for evaluating analyses results
along with the parameters adopted in the analysis. This also helps to assess the con-
tribution of the settlement resulted due to the actual fill load and settlement resulting
due to pure creep. Hence, calculated far-field settlements, indirectly, indicates part
of the total settlement under a fill that is actually coming due to the fill load. In prac-
tice, the far-field settlements should comparatively be insignificant. With this aspect,
potential of using satellite data for evaluation of creep calculation is recently pre-
sented by Degago and Grimstad [11]. A general and a good practice that is always
recommended is to make rough estimates of settlements using hand calculations.
This provides a rough range of what to expect from numerical models and could be
vital in evaluating obtained results.

5.6 Undrained Shear Strength of Soft Clays

The very first equation for the assessment of shear strength of soil was proposed by
Coulomb in 1773:

τf � c + σ tanϕ (5.5)

The shear strength (τf) equation consisted of two parts, i.e., cohesive resistance
(c) and frictional resistance (ϕ). However, the strength parameters c and ϕwas found
to be difficult to determine, especially when cohesive soils were involved. Later,
Hvorslev [22] proposed that cohesion (c) depends on water content; the angle of
internal friction (ϕ) is a soil characteristic.

He replaced Eq. 5.5 with effective normal stress or the difference of total stress
and pore water pressure as

τf � c + σ ′tanϕ � c + (σ − u)tanϕ (5.6)

Here, c refers to the true cohesion; σ ′ refers to the effective normal stress on the
failure plane; σ is the total normal stress on the failure plane; ϕ is the true angle of
internal friction (Fig. 5.7).

Although this equation has been universally accepted to deduce the drained shear
strength of geomaterials, the undrained shear strength of soft clays remains a concern.
The nature of shear strength saw considerable discrepancy at the Second International
Conference of Soil Mechanics in 1948. At the conference, the concept of “ϕ � 0
analysis” was raised by Skempton [43] because saturated cohesive soils exhibit an
angle of internal resistance ϕ � 0 when brought to failure under undrained shearing.
The corresponding strength revealed is the undrained shear strength. Specific to the
ϕ � 0 concept, it was assumed that for a saturated clay specimen under undrained
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Fig. 5.7 Failure envelopes
for soft clays
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conditions increases in confining stress were carried by the pore water in the sample,
with the effective stress in the sample remaining unchanged. This was found consis-
tent with the Terzaghi’s effective stress principle; if the effective stress in a sample
does not change, the deviatoric stress required to cause failure in the sample does
not change.

5.7 Recommended Practice to Establish Undrained
Strength Properties of Soft Clays for Stability
Calculations

Selection of the characteristic undrained shear strength (cuA) under compression
loading is the most important parameter in the stability analysis of various geotech-
nical constructions placed in or on soft clays. Thus, the choice of undrained shear
strength, both too conservative and offensive, could have major positive or negative
economic (and social) consequences inmany projects. Therefore, the selection of cuA
must consider the influence of the stress history, soil fabric, strain rates, Atterberg’s
limits, sampling technique, and sample disturbance is great on the undrained shear
strength of soft clays. Consequently, the assessment of a representative cuA of soft
clays has been challenging since the inception of the concept.

As a simple guidance, the undrained shear strength cuA profiles with depth should
be established at some selected reference boreholes where the information is col-
lected. These cuA profiles are later interpolated to the soil volume between the bore-
holes. Therefore, the accuracy of a cuA profile at the boreholes is decisive because
the estimate undrained shear strength of the soil volume between the boreholes will
depend on the representativeness of the cuA profiles at the reference boreholes. This
paper mainly discusses the recommended procedure for assessing the cuA profile at
a reference borehole.
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5.7.1 Laboratory Testing

The undrained shear strength of undisturbed soft clay sample can be estimated using
the laboratory test such as fall cone, direct simple shear, laboratory vane shear,
uniaxial, biaxial, and triaxial tests. The most reliable laboratory method to assess cuA
is triaxial testing provided sufficient care is taken in terms of sample preparation,
selection of cell pressure, and the rate of shearing

A good practice would suggest that odometer test(s) should be performed before
triaxial testing so that pre-consolidation pressure of the test material is known. There
exist different methods to measure pre-consolidation pressure. The methods include
Casagrande’s method [8], Janbu’s method [23], or Salfor’s method [40].

In addition, knowledge about the in situ effective stress (pore pressure measure-
ment) at the sample collection depths for the triaxial tests is valuable. This requires
estimation of the correct Ko

′. One can use the approach suggested by Brook and
Ireland [6] that provides a relatively easy way to estimate Ko

′ based on soil plasticity
(Ip) and the OCR. One needs to be cautious using a relatively high Ko

′ because this
will result in a higher mean effective stress in the soil specimen and may result in a
high cuA.

As in the odometer test, the results of a triaxial test depend on the strain rate (rate
dependence). An increase in the strain rate generally results in increased undrained
strength and brittle behavior. Lunne and Andresen [37] suggest 150% increase in the
undrained shear strength when the rate of shear is increased to very fast rate from a
very slow rate. The experiences from Scandinavian soft clays shows that there is a
little difference in undrained shear strength when the specimen are sheared at rates
between 0.7 and 3.0% per hour.

The estimation of undrained shear strength from triaxial tests shall account for
dilating and contracting behaviors as well. For the undrained triaxial tests exhibiting
contracting behavior (positive excess pore pressure buildup during shearing), it is
recommended to obtain cuA at the maximum measured shear resistance. A test that
first exhibits a contracting behavior but then shows dilation is an indication of sample
disturbance. In such cases, it is advisable to not go beyond the cuA that shows the
point representing the transition between contractancy and dilatancy (see Fig. 5.8).
Indeed, dilatingmaterials (highly overconsolidated clays) often attain high strengths;
however, this is normally related to high strains. In these cases, it is recommended
that the cuA is defined by a given strain, for example, 10% [48].

5.7.2 Field Testing

The most common field test to estimate cuA is the cone penetration test (CPT) apart
from vane shear testing. The cone penetrometer with measurement of pore pressure,
called CPTU test (developed in the late 1970s) developed as a research tool, which
gradually became commercial tool. Over the years, CPTU has tested widely and now
it has become the most common in situ testing tool for determination of undrained



5 Recommended Practice for Soft Clay Characterization … 91

Fig. 5.8 Undrained triaxial test results for four different clayswith varyingOCR and recommended
interpretation of cuA [48]

strength of clay deposits. Themajor advantage of CPTU is that it helps in establishing
a continuous cuA profile with the depth. The value of cuA is can be calculated using
three different cone factors: Nkt, N�u, and Nke.

The total tip resistance based cuA is calculated as

cuA � qT − σvo

Nkt
(5.7)

The effective tip resistance based cuA is calculated as

cuA � qT − u2
Nke

(5.8)

Here, qT is tip resistance and σ vo is the total vertical stress.
The pore pressure measurement based cuA is calculated as

cuA � u2 − uo
N�u

(5.9)

Here, u2 is the measured pore pressure and uo is the in situ pore pressure.
It is clear from Eqs. 5.7 to 5.9 that cuA will depend on the cone factors. Several

correlations exist for theNkt ,Nke, andNΔu parameters to calculate cuA. Karlsrud et al.
[26, 27], who compared the CPTU with cuA from block samples and suggested the
cone factors Nkt, proposed the widely accepted method in Norway and N�u based
on the OCR and soil plasticity index (Ip). The Nke parameter was correlated with Bq

(pore pressure parameter).
Apart from CPTU, vane testing can be used to determine the undrained shear

strength under direct simple shear conditions in clays. Both intact and remolded
shear strength can be found. The vane test is the only in situ test method, which can
be used to determine the remolded shear strength and the sensitivity directly. The
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vane test is susceptible to heterogeneities in the soil. If parts of the vane (side, top or
base) are weaker or stronger, or if fragments of shells or small stones interfere with
the vane, this may influence the measured values significantly [20]. One needs to be
cautious in the estimation of undrained shear strength of low plasticity soft clays or
silt rich clays using vane shear. Progressive failure, the shape of failure zones, and
drainage of pore water pressure may affect the results.

5.7.3 Assessment of Undrained Shear Strength Profile

The interpretation of cuA profiles must be done in light to laboratory and field test
results to represent the soil volume it includes in the calculation. Various aspects
such as topography, distance calculation profile, contour level, previous level of the
terrain in the area, effective stress level, pore pressure, variation in soil conditions in
the area, soil geological information, and depositional history must be accounted in
the assessment.

One needs to be careful with the use of index data from routine testing (such as
uniaxial tests and the fall cone) to the interpretation of the cuA profile. The most
likely cuA profile shall follow a ranking of the measurements and the empirical data
as follows:

1. Triaxial tests of good quality (very good to excellent quality)
2. CPTU (class 1)
3. Fall cone/uniaxial test/vane test
4. Experience-based cuA/po′ or SHANSEP.

The selected cuA profile should normally lie between the estimated lower and
upper bounds of cuA profiles.

5.7.4 Strength Anisotropy

Soft clays can be anisotropic in nature. In stability analysis of an undrained situation,
one needs to account for the strength anisotropy. The chosen strength anisotropy
factors refer to cuE/cuA and cuD/cuA must be site-specific and deduced from high-
quality soil samples. Here, cuA, cuE , and cuD refer to the undrained shear strength
obtained from active/compression (A), passive/extension (E), and direct shear (D)
tests.

A recent study conducted by Thakur et al. [49] suggests that the plasticity index
(Ip), the natural water content (w) is correlated with soil anisotropy. However, no
clear correlationwas seen between the strength anisotropy and the over consolidation
ratio (OCR), the clay content (<2μ), the sensitivity (St), and the liquid limit (wL).
Recommended practice to select strength anisotropy for Norwegian soft clay along
with a comparison with the other soft clays is presented in Fig. 5.9.

The significance of strength anisotropy in the stability analysis was studied by
Thakur et al. [49] using a benchmark case of a 15mhigh clay slopewith an inclination
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Fig. 5.9 Recommended trend lines to estimate the strength anisotropy factors for Norwegian soft
clays. The red and blue trend lines are for estimate cuD/cuC and cuE/cuC , respectively. Right: A
comparison between the recommendation for the passive strength anisotropy for the Norwegian
soft clays and other soils reported in the literature (Based on Thakur et al. [49])
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Fig. 5.10 The slope geometry and the input parameters used in the stability calculations by Thakur
et al. [49]

of 1: 4.5 was considered. The slope geometry and the input parameters are shown
in Fig. 5.10. Thakur et al. [49] investigated three noncircular sliding surfaces and a
circular sliding surface. They are referred as SS1, SS2, SS3, and SS4, respectively.
The CuE/CuA factor was varied between 0.3 and 0.4 and cuD/cuA factor was varied
between 0.6 and 0.7. The study illustrated that the selected of cuE/cuA and cuD/cuA
parameters within a reasonable range has relatively little effect (4–8%) on the factor
of safety. This study advocates to focus on the estimation of representative cuA profile.

5.7.5 Implication of Undrained Shear Strength Profile
in Design Practice

Selection of undrained shear strength profile will have direct impact on the stability
calculation and on the mitigation measures selected to improve stability. This can be
exemplified using a real case, presented by Hermann and Jensen [21], related to the
construction of a new railway track at NyKirke located at the south of city of Oslo in
Norway. A 15mhigh railway embankment was planned on approximately 30m thick
soft clay deposit. The design of railway fill was based on the undrained shear strength
value obtained from 54-mm diameter tube sampler. The average design undrained
strength profile of the soft clay deposit was established to be

cuA � 0.25 σ′
vo (5.10)

As a result to this, the stability of the railway fill found to be insuffieicent.
To improve the stability of the fill, concrete piles as illustrated in Fig. 5.11 were
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Fig. 5.11 Technical solutions to construction a railway embankment on soft clay deposit (upper)
based on poor quality 54-mm diameter samples (lower) based on high-quality CPTU and block
samples. Based on Hermann and Jensen [21]

suggested. This design was used in the tender document by the concerning authori-
ties. As a part of the total contract, NGI got a task to establish technical solution to
design the fill executed a series of high-quality CPTU testing and block sampling.
A comparison between the traiaxial test result between the samples extracted using
54-mm diameter tube sample and block sampler is shown in Fig. 5.12. Based on
the new geotechnical investigation, it was possible to upgrade the undrained shear
strength profile to
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Fig. 5.12 Effect of sample
disturbance on peak
undrained shear strength of
soft clay deposit at Nykirke
[21]

cuA � 0.6 σ′
vo (5.11)

From the stability viewpoint, it was not necessary to have piles to rock. Also it
was suggested that settlements could be taken care of by vertical drainage combined
with preloading. An updated technical solution as shown in Fig. 5.11 were suggested
and the project was executed accordingely. As per Hermann and Jensen [21], the
total cost savings of about USD 12 mill or 25% was made simply by optimizing the
geotechnical solutions.

5.8 Summary and Conclusions

The work gives recommended practice for soft clay characterization with a focus on
settlement and stability analysis. Various aspects related to selection of characteristic
strength and deformation parameters are presented and discussed. It is important
to realize that extracted samples constitute a key base for settlement and stability
analysis. With this regard, it is vital to be aware of the role of sample disturbance
and its implications. As illustrated in this work, the impact of high-quality field and
laboratory investigation is positive as it helps to do cost-effective design and safer
construction of the geotechnical structures.
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Chapter 6
Insights into Contaminant Transport
Modeling Through Compacted
Bentonites

Tadikonda Venkata Bharat , Partha Das and Ankti Srivastava

6.1 Introduction

Deep geological repositories are currently gaining interest for the disposal of haz-
ardous radioactive waste. High-level nuclear waste or spent fuel and intermediate
nuclear wastes are encapsulated in metal canisters; are buried in the deeper layers
of the ground—situated a few hundreds of meters beneath the ground surface [1–5].
Highly plastic clay soils such as bentonites are used in such repositories as buffer
and backfill material to prevent the migration of radioactive waste to the surround-
ing environment and, simultaneously, to restrict the groundwater migration into the
waste emplacement area [6]. Bentonites are also found its significant application in
the field of landfills as a potential liner material. Compacted bentonite layer is very
useful in inhibiting the migration of the generated leachate from the municipal solid
waste landfills to the surrounding aquifers and ground water sources [7, 8]. The main
reason for the wide application of plastic clays as buffer/backfill material for nuclear
waste repositories and as liners for landfills is because of their favorable characteris-
tics like very low saturated hydraulic conductivity, high sorption potential and very
high self-sealing capacity [9–12].

The saturated hydraulic conductivity of the clay barriers is very low (KS ≤
10−9m/s) thus the flow though such clay layers will be governed by diffusion mech-
anism [8, 13–15]. Bentonite clays being impermeable to the migration of solutes
under any hydraulic gradients, advection transport is deterred through such barriers.
Therefore, the estimation of diffusive mass transport parameters is important for the
design of radioactive nuclear waste facility in the underground under the influence of
salt migration from the surrounding saturated rock mass and the design of landfills
for arresting the migration of contaminants to the groundwater as the diffusion is
the governing transport mechanism. Laboratory diffusion studies are undertaken on
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the representative soil specimen for the estimation of mass transport parameters viz.
diffusion coefficient and retardation factor for the design of the facilities.

Several laboratory techniques viz. half-cell technique [16–18], in-diffusion tech-
nique [7, 14, 19], and through-diffusion technique [8, 10, 20, 21] are extensively
used to estimate the effective diffusion coefficient and retardation factors. The half-
cell technique provides the spatial changes in contaminant concentration at a given
time for the analysis of diffusion coefficient. In contrary, through-diffusion technique
provides temporal variations in the contaminant concentrations at the boundaries of
the soil specimen while in-diffusion technique provides both spatial and temporal
concentration variation in the specimen and boundaries, respectively. In order to
obtain the experimental concentration profile along the length of the sample in half-
cell and in-diffusion techniques, the specimen is required to be extruded and sliced.
However, through-diffusion test is a non-destructive technique [8, 10] thus does not
require slicing of soil mass.

The estimation of mass transport parameters from the observed temporal or spa-
tial variation in contaminant concentration variation requires numerical or analytical
solution to the governing diffusion equation with appropriate initial and bound-
ary conditions [8, 20, 21]; error minimization techniques for minimizing the error
between the theoretical and experimental data [22, 23]. However, the design parame-
ters obtained fromdifferent testingmethodologies can be different because of various
implications in conducting the tests.

The definition of the effective diffusion coefficient differed in various literature
works. The intricacies and the associated limitations in the estimated model param-
eters from different laboratory techniques were discussed in this work.

6.2 Background

The diffusive flux described by Fick’s first law for diffusion mass transport through
the soil is given by [14, 15, 20, 24]:

Jd � −DS
e φ

∂c

∂x
(6.1)

where φ is the accessible porosity which is the available pore space for diffusion
transport, c is the concentration of the contaminating species, x is the spatial distance,
and DS

e is the effective diffusion coefficient. The superscript, s, on the diffusion
coefficient indicates the effective diffusion coefficient as defined by Shackelford
and Daniel [14, 15]. Effective diffusion coefficient defined by DS

e � τD0, where τ ,
is the tortuosity factor, accounting for the tortuous pathways for the solutes to diffuse
through the soil; D0 is the free solution diffusion coefficient. In contrary, few research
groups lump the accessible porosity and tortuosity factorwith the diffusion coefficient
in defining the effective diffusion coefficient [25, 26]. The diffusion flux equation
thus is written as:
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Jd � −DG
e

∂c

∂x
(6.2)

where DG
e is the effective diffusion coefficientwhichdiffers from the earlier definition

(Eq. 6.1) by a factor φ.
The governing differential equation describing the one-dimensional contaminant

transport through saturated soil, by invoking mass conservation principle and com-
bining with the Fick’s first law, is written as [7, 8, 10, 25, 26]:

∂C

∂t
�

(
φDs

e

α

)
∂2C

∂x2
�

(
DG

e

α

)
∂2C

∂x2
(6.3)

where c is the concentration of the contaminant in the soil pores, t is the time, x is
the spatial distance along the length of the sample, and α is the capacity factor. The
capacity factor or the rock capacity factor is defined as the ratio of the total mass of
chemical species per unit total volume of porous medium relative to the pore-water
concentration [27]. The DG

e and DS
e are the effective diffusion coefficients defined

differently for the convenience of parameter estimation. The relationship between
the two effective diffusion coefficients is expressed by:

φDS
e � DG

e (6.4)

The capacity factor, or also termed as volumetric capacity of the porous medium
for the chemical species, is related to the accessible porosity, distribution coefficient
(Kd), and dry density (ρd) for the linear sorption case as

α � φ + Kdρd � φ

(
1 +

Kdρd

φ

)
� φRd (6.5)

where Rd is the retardation factor which takes into account the linear sorption of
chemical species on the clay surface. Often, the Rd is lumped with the De and a
single diffusion parameter called apparent diffusion coefficient (Da) is used for the
representation of diffusion phenomenon. The governing equation thus written as

∂C

∂t
� Da

∂2C

∂x2
(6.6)

where Da is defined as De/Rd .
Commonly, the porosity, n, of the clay specimen is used in place of accessible

porosity in the aforementioned equations (Eqs. 6.1, 6.3–6.5) as the former term can
be estimated from the compaction density of the soil. Thus applicability and usage
of porosity in the diffusion analysis requires a special attention.
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6.2.1 Understanding the Porosity

The accessible porosity, φ, in the flux equation (Eq. 6.1) is used to indicate the pore
space which contributes to the mass transport [15, 27]. In general, only a fraction of
the pore space (φ) of the total pore space (n) is available for the mass transport [27,
28]. A water saturated bentonite contains dead-end pores and occluded pockets in
the pore space, the estimation and knowledge of effective porosity is vital. Further,
as the anions in the chemical species cannot diffuse through the dead-end pores of
the soil barriers due to anion exclusion effect [14, 15, 27] the accessible porosity is
different for different species. An independent estimation of the design parameters
(DS

e , α, and φ orDG
e , α) is necessary for the effective design of the liners system. The

implications in estimating the effective diffusion coefficient and diffusion accessible
porosity independently through different test methodologies will be brought out for
the first time in this paper.

6.2.2 Laboratory Diffusion Models

6.2.2.1 Half-Cell Technique

Half-cell method enables the determination of apparent diffusion coefficient (Da) in
the laboratory. Two half-cells are filled with clay specimens and compacted to the
required density. One of the half-cell is saturated with the required contaminating
species to be tested and in the other half-cell the specimen is saturated with the dis-
tilled water. Once the saturation process is over, both the cells are connected together
to allow the diffusion to take place from the half-cell tagged with contaminating
species to the half-cell which is filled with uncontaminated soil specimen (Fig. 6.1).
The concentration of the contaminant distributed to the cell containing the uncon-
taminated specimen with time. Once the diffusion test is over, the soil mass in each
half cell is sliced and analyzed for the variation of the concentration along the com-
plete length of soil in both cells. A detailed description of the testing method can
be found elsewhere [16–18, 29]. Depending on the following two cases in this tech-
nique, proper boundary conditions should be chosen for the estimation of diffusion
coefficient. The test is considered to follow infinite case if the measured chemical
concentration does not reach to the end of the uncontaminated half-cell when the test
is terminated and is considered to be finite case when the contaminant concentration
reaches the boundary at the end of the test.

For the infinite case, the initial and boundary conditions are given by:

c(x ≤ 0, t � 0) � c0
c(x > 0, t � 0) � 0
c(x � ∞, t > 0) � 0
c(x � −∞, t > 0) � 0

(6.7)
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Fig. 6.1 Illustration of laboratory half-cell

Utilizing the above initial and boundary conditions in Eq. (6.7), the solution to
Eq. (6.3) is given by [30]:

c

c0
� 1

2
er f c

√
x

2Dat
(6.8)

where c0 is the initial concentration, c is the concentration at any given time at x,
and Da is the apparent diffusion coefficient.

For the finite boundary case, the concentration profile reaches to the other end of
the half-cell and are described by:

c(x ≤ 0, t � 0) � c0
c(x > 0, t � 0) � 0

∂c(x � −x0, t > 0)
/

∂x � 0
∂c(x � L , t > 0)

/
∂x � 0

(6.9)

Utilizing the above initial and boundary conditions, the solution to Eq. (6.3) is
given by Crank [30] as:

c

c0
� x0

L
+

2

π

∞∑
m�0

exp
(−Dam2π2t/L2

)
m

cos
(mπx

L

)
sin

(mπx0
L

)
(6.10)

where m is number of iterations, x0 is the interface distance from the contaminated
soil boundary, and L is the length of the soil sample (summation of the length of two
cells).

The apparent diffusion coefficient (Da) is usually obtained by fitting the solution
as described by Eqs. (6.8) and (6.10) to the measure data by method of least squares
[16]. Ensuring proper connect between the two half-cells is essential for the correct
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analysis and thusmodified half-cellmethod [31] is employed to ensure proper contact
between the two half-cells. In the modified half-cell technique, the source half-cell is
repacked and is packed directly on the uncontaminated half-cell [31]. Moreover, the
test is time consuming as the saturation time for the compacted bentonite specimens
is ~45 days [32].

The diffusion coefficient obtained in this technique is the apparent diffusion coef-
ficient which is the ratio of effective diffusion coefficient to the retardation factor.
Thus the apparent diffusion coefficient does not provide the knowledge of sorption
potential and as such the effective diffusion coefficient value is unknown. Shackelford
et al. [7] and Shackelford and Daniel [15] replaced Da with De/Rd in Eqs. (6.8) and
(6.10) to estimate theDe by the substitution of Rd from the independent experiments.

6.2.2.2 In-Diffusion Technique

Laboratory in-diffusion technique is a single reservoir technique where the source
reservoir is filled with the electrolyte solution and is placed over the clay specimen
[33]. The soil is first placed in the diffusion cell, compacted to the required density,
and then is saturated by placing water in the source reservoir as shown in Fig. 6.2
[7]. After the complete saturation of the specimen, the tracer solution is introduced
into the source reservoir to initiate the diffusion transport through the clay plug.
In order to assess the variation of concentration in the source reservoir, the tracer
solution is monitored periodically by taking samples through the sampling port. At
the end of the diffusion test, the cell is disassembled and the clay plug is sliced to
analyze the concentration along the depth. For analysis the extracted soil is subjected
to proper chelating agent like EDTA or DDW depending upon the type of ion under
consideration [15].

The chemical concentration in the reservoir decreases with time and diffuses into
the clay plug with time. As the contaminant flux can’t leave through the bottom of the
soil plug as shown in Fig. 6.2, the initial and boundary conditions for the mathematic
analysis are given by:

c � 0(0 ≤ x ≤ a, t � 0)
c � c0(a ≤ x ≤ a + L)

∂c
∂x � 0(x � 0, t > 0)

Rd y +
(
L
θ

)(
∂x
∂y

)
� Lc0

(6.11)

where a is the length of the diffusion cell, L � effective length of the reservoir and
y is the free solute per unit of soil. The solution to Eq. 6.3 with the abovementioned
initial and boundary conditions is [30]:

c

c0
� α

1 + α
+

∞∑
m�0

2α

1 + α + q2α2
exp

(−DS
e tq

2

Rdα2

)
(6.12)
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Fig. 6.2 Illustrations of in-diffusion set-up

where c is the solute concentration of the reservoir at any time t and q is the non-zero
positive roots given by tan q � −αq and α � L

φRda
.

Effective diffusion coefficient value can be calculated for each sample recovered
from the source reservoir during the diffusion test. After the end of the test, the total
number of samples collected will give various DS

e values. The mean of the value
is taken and theoretical curve is generated. The best fit curve of the concentration
variation of the solute in the source reservoirwith time fromboth experimental results
and analytical results gives the value of effective diffusion coefficient.

Effective diffusion coefficient can also be obtained from the concentration profile
along the depth of the soil. The initial and boundary conditions, when the concen-
trations are measured along the depth of the sample are:

c(x < 0, t � 0) � c0
c(x > 0, t � 0) � 0

∂c
∂x (x � 0, t > 0) � −φRd DS

e
H f

∂c
∂x

c(x � ∞, t > 0) � 0

(6.13)

The solution to the in-diffusion problem using these set of initial and boundary
conditions is [34]:

c

c0
� exp

[
φRdx

H f
+

(
φ

Hf

)2

DS
e Rdt

]
er f c

⎛
⎝ x

2
√
DS

e t
/
Rd

+
n

H f

√
DS

e Rdt

⎞
⎠ (6.14)
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The mass transport parameters DS
e and Rd are obtained by fitting the measured

data of contaminant concentration variation in the source reservoir with time and
variation in the soil plug with space for a given time using the analytical solutions
(6.12) and (6.14). However, a major limitation of this technique lies in obtaining the
contaminant concentration variation with spatial distance. Shackelford and Daniel
[15] obtained the effective diffusion coefficients of kaolinite and Lufkin clay by
independently obtaining the Rd using the batch experiments for different cations and
anions. However, the estimated DS

e might be smaller than the actual value due to the
substitution of smaller Rd from the batch tests.

6.2.2.3 Transient Through-Diffusion (TTD) Technique

Through-diffusion technique (or double reservoir method) is similar to the aforemen-
tioned single reservoir technique, but a collector reservoir is attached to the other end
of the soil plug to analyze the contaminant concentration in both source and collector
reservoirs. The test is commenced by compacting the clay plug into the diffusion cell
and then connecting it to two reservoirs at the two ends of the clay plug. The soil plug
is saturated by filling both the reservoirs with distilled water. After the complete sat-
uration, diffusion test is started by replacing the distilled water in the source reservoir
with the electrolyte solution of known concentration. The collector reservoir is also
filledwith fresh distilledwater to avoid any accumulation of excess salts from the clay
specimen during the saturation stage. The illustration of the through-diffusion set-up
is given in Fig. 6.3. After the introduction of the electrolyte solution in the source
reservoir, mass transport of the chemical constituents takes place by diffusion due
to concentration gradient [7]. During the diffusion process, the concentration of the
source reservoir decreases but the concentration in the collector reservoir increases
with time. The solutions in both the reservoirs are stirred continuously to maintain
a uniform concentration at a given time. The source and collector solutions are col-
lected at frequent intervals of time to analyze for the concentration variation with
time at both the boundaries of the clay plug. The experimental concentration profile
with time for both the reservoirs is used for predicting the mass transport parameters.

The initial and boundary conditions for the laboratory model as shown in Fig. 6.3
are:
Initial conditions:

c(x � 0, t � 0) � c0
c(x, t � 0) � 0

c(x � L , t � 0) � 0 (6.15)

where c0 is the initial concentration of the solute in the source reservoir, t is the
diffusion time, L is the length of the soil plug.
Boundary conditions:
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Fig. 6.3 Illustration of the through-diffusion set-up [22]

c(x � 0, t) � c0 +
φDS

e

Hs

∫ τ

0

(
∂c

∂x

)
x�0

dt (6.16)

c(x � L , t) � −φDS
e

Hc

∫ τ

0

(
∂c

∂x

)
x�L

dt (6.17)

where Hs and Hc are the equivalent heights of the source and collector reservoir
respectively and τ is the integration variable. The Equations [6.3, 6.15–6.17] are
solved using Laplace transformation and Cauchy’s integral theorem to obtain a
closed-form solution recently by Bharat [10]. The analytical solution at the source
and collector boundaries is given by [10]:

c(x � x, t)

c0
� 1

2 + k
+ 2

∞∑
j�1

(
α j2 + K 2

)
e−α jT

4Kα j2(k + 1) − (
2K − (

α j2 − K 2
))(

α j2 − K 2
)

(6.18)

c(x � L , t)

c0
� 1

2 + k
− 2K

∞∑
j�1

(
α j2 + K 2

)
e−α jT

4Kα j2(k + 1) − (
2K − (

α j2 − K 2
))(

α j2 − K 2
)

(6.19)

where, K � φRd L
Hr

; T � t DS
e

Rd L2 ,Hr is the equivalent heights of the source and collector
reservoir respectively and αj are the roots of the transcendental equation:

tan α j � 2Kα j

α2
j − K 2

;α j are the are the eigen values.

The eigen valueswere obtained by using theGlowworm swarm optimization tech-
nique which utilizes the simultaneous estimation of multimodal solutions [35]. The
solution in Equations [17, 18] is obtained by utilizing the first 20 number of roots. The
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design parameters such as the effective diffusion coefficient and retardation factors
are obtained by the inverse analysis by minimizing the error between the theoretical
and experimental concentration data. The error minimization was performed using
particle swarm optimization [10, 35, 36].

The major advantage of transient through-diffusion technique is that the test is
non-destructive as the data of temporal variation in the concentration within the
reservoirs are sufficient to obtain both the mass transport parameters. The convenient
and non-destructive nature of the test makes the methodology popular in the current
laboratory diffusion studies.

6.2.3 Numerical Analysis of Diffusion Transport

The forward solution, which gives the variation of solute concentration with space
and time, is obtained by numerically solving the governing diffusion equation with
appropriate boundary and initial conditions. For example, the forward solution for
TTD technique gives the temporal variation of contaminant concentrations in the
source and collector reservoirs by solving the Eqs. [6.3, 6.15–6.17] either analyti-
cally [17, 18] or numerically [35]. A finite difference implicit scheme is utilized to
discretize the governing differential equation along with the boundary conditions.
A numerical grid/mesh in space and time increments to solve the diffusion prob-
lem is shown in Fig. 6.4. The indexing in the mesh is defined as x � xi � i	x and
t � tn � n	t inwhich i varies as i � 1, 2, 3, . . . M andnvaries asn � 1, 2, 3, . . . N .
The finite difference approximation at the ith grid in time and space is computed as
c(i	x, n	t). The grid spacing is assumed to be constant in both space and time
(	x � 1

M , 	t � 1
N ). At each grid points, set of equations in the form of tridiagonal

matrix is obtained at every time step. The set of equations at each time steps is solved
for the solute concentration in the next time level by using Thomas’ algorithm [23].
A grid mesh ofM � 1000 and N � 100 is used in this work. The numerical solution
is in good agreement with the analytical solution [10].

6.2.4 Inverse Analysis

In the laboratory through-diffusion testing, temporal concentration variations are
obtained for both source and collector reservoirs. The design parameters (DS

e , α,
and φ or DG

e , α,) are obtained from these concentration profiles for the performance
assessment and design purpose. Prior to the formulation of the closed-form analytical
solution forTTDproblem [10], semi-analytical approach is used to estimate the effec-
tive diffusion coefficient and retardation factor [20, 21]. In semi-analytical approach,
the governing differential Eq. 6.3 is solved using the initial and boundary conditions
by using Laplace transformation. Owing to the difficulty in converting the solu-
tion back into the time domain analytically; numerical inversion technique is used to
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Fig. 6.4 Finite difference mesh

obtain the solution in the time domain. Commercially available software, POLLUTE,
is developed based on the semi-analytical approach to compute the temporal varia-
tion of the concentration in the source and collector reservoir theoretically [21]. The
mass transport parameters (DS

e , Rd) are obtained by most of the geo-environmental
studies by utilizing the commercial software, POLLUTE. The values of DS

e and Rd

are varied for number of iterations till the theoretical plot generated by POLLUTEfits
the experimental concentration plots using eye judgement [19]. Bharat [37] showed
on the diffusion data of volatile organic compounds through compacted bentonites
that accurate estimation of design parameters by the eye-judgement techniques is
not possible. Further, availability of different formulations and definitions for the
effective diffusion coefficient and porosity in the literature limits the applications of
such commercial software. Different optimization techniques are used to perform
the inverse analysis to obtain the design parameters by minimizing the objective
function. The objective function is formulated based on the difference between the-
oretically obtained contaminant concentration data for the assumed set of model
parameters and experimental data. The smaller value of the objective function or
the error implies that the assumed model parameters are close to the actual parame-
ters. Several gradient-based and stochastic optimization algorithms are used for the
estimation of model parameters [23]. Particle swarm optimization (PSO) is one of
the stochastic techniques, gained significant attention for the estimation of design
parameters in many engineering and science disciplines. The PSO algorithm is first
introduced by Kennedy and Eberhart [36] and is a class of population-based algo-
rithm which does not require the derivative information. The algorithm is based on
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the idea of boids simulation and the approach of birds towards a roosting spot [38].
In this algorithm, the flock of birds is represented by the swarm of particles/agents.
The swarm flows through the objective function space for the best solution. Each
particle in the solution space represents a potential solution of the target objective
function. Such particles move in the search space and adaptively update the posi-
tion in each iteration using the experience guided from the personal flight and from
the other particles. Thus the movement of an individual particle is an aggregated
acceleration towards the personal best from the own history and the best individual
of whole flock. Application of probabilistic transition rules allows the algorithm to
avoid local minima and helps in converging towards global minimum. Albeit many
virtues, PSO is often found, on different functional spaces, to depend on the tuning
parameters. A robust variant of PSO, quantum-behaved particle swarm optimization
(QPSO) algorithm is used in this work for the model parameter estimation.

6.2.4.1 Qpso

In quantum behaved particle swarm optimization technique each particle is supposed
to be in a bound state and have quantum behavior. Unlike the PSO technique, where
the particle oscillates and converges to its local attractor, in QPSO technique, the
particle is assumed to be attracted by a quantum potential well centered on its local
attractor. The particle so attracted gets new position for every update of a stochastic
equation. The QPSO technique samples the new position with a double exponential
distribution. The update equation needs to adjust a very few parameters resulting in
a very good performance of the overall algorithm. A global point known as the mean
best was introduced in the algorithm for enhancement of the global search [39]. The
QPSO is used to solve a wide range of optimization problems (Fig. 6.5).

6.3 Results and Discussion

6.3.1 Limitations of Optimization Techniques

Deterministic techniques such as the gradient-based optimization strategies (ex.
Levenberg-Marquardt algorithm) are commonly used for obtaining themodel param-
eters in many engineering disciplines. The fundamental principle behind these tech-
niques is that the derivative of the objective function with respect to the model
parameters (De, Rd) is zero at the optimum location. The unknown model parame-
ter vector, in these methods, is searched iteratively. The application of deterministic
technique for the estimation of apparent diffusion coefficient from the half-cell tech-
nique is demonstrated here using the MATLAB® call function, fmincon, for the
KCl diffusion through an agricultural field soil [31]. As the deterministic techniques
require an initial (guess) solution for the optimization of the model parameters, two
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begin
Initialize the current positions and the pbest positions of all the particles
Set n=0; (number of iterations)
while the termination is not met do

Compute the mean best position (m) 
for i=1 to M do

Evaluate the objective function value (Xi, n);
Update pbesti,n and pgbestn; 
for j =1 to N do

vi,n
j = rand ( )*pbesti,n + (1-rand ( ))*pgbestn

j; 
if rand ( ) < 0.5 then

xi
j
, n+1 = vi

j
, n + w * (meani

j
,n – xi

j
,n) * ln(1/ rand ( )) 

else 
xi

j
, n+1 = xi

j
,n – w * (meani

j
,n – xi

j
,n) * ln(1/ rand ( ))

end
end

end
Set n = n+1

end
end

Fig. 6.5 QPSO algorithm (after [39])

different initial solutions were chosen as shown in Table 6.1. The predicted solutions
for different initial guesses and the objective function values (i.e., RMSE) were also
shown in the same table. The predicted model parameter is different by an order
of magnitude when the initial guesses were different. The theoretical data from the
predicted model parameters from the deterministic approach were compared against
the measured data in Fig. 6.6. Theoretical data obtained for the initial guess value
of Da � 5 × 10−5 cm2/s significantly deviated from the measured data. Thus the
deterministic techniques are strongly influenced by the initial solution and converge
to one of the local minima. The theoretical data obtained by the QPSO are also
presented in Fig. 6.6. The data showed close agreement with the solution obtained
by deterministic approach with an initial guess value of Da � 1 × 10−5 cm2/s. As
the stochastic techniques such as QPSO do not require initial solution and gradient
information, such techniques provide global minimum or solution close to the global
optimum solution. Performance of the deterministic algorithms may be more detri-
mental for TTD and other techniques as the required number of model parameters
is more than unity, which is not demonstrated here using the Levenberg-Marquardt
algorithm [23].
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Table 6.1 Inverse analysis
by deterministic algorithm for
half-cell technique

S. no. Initial solution, Da (cm2/s) Predicted solution

Da
(cm2/s)

RMSE

1 5 × 10−5 2.26 ×
10−7

0.1549

2 1 × 10−5 2.53 ×
10−6

0.0199

Fig. 6.6 Variation in the
model parameters from the
deterministic and stochastic
techniques
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6.3.2 Prediction of Accessible Porosity for Non-reactive
Flows

As mentioned earlier, the accessible porosity is smaller than the soil porosity esti-
mated from the dry density and specific gravity. Thus the diffusion accessible poros-
ity is required to be estimated along with the effective diffusion coefficient and the
capacity factor (or retardation factor). The soil porosity is substituted for accessible
porosity in most of the literature works for the reactive transport for the estimation of
DS

e and Rd . The accessible porosity is estimated along with DG
e for diffusion of non-

reactive tracers such as HTO and Cl− through compacted bentonites in few studies
[26]. As the φ is independently estimated from the diffusion experiments using non-
reactive tracers, the effective diffusion coefficient (DS

e � DG
e /φ) is computed. The

sensitivity of the diffusion accessible porosity on the contaminant concentration data
of TTD model using different formulations Eqs. (6.1 and 6.2) was demonstrated in
Figs. 6.7 and 6.8. Theoretical data were obtained by considering the clay plug thick-
ness to be L � 1 cm and Hf � Hc � 5.09 cm for these simulations. The temporal
concentration data were shown on semi-logarithmic plot to clearly distinguish dif-
ferent theoretical profiles. The variation in the temporal concentration profiles with
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Fig. 6.7 Sensitivity of
capacity factor for
non-reactive transport using
Eq. (6.1) in TTD tests
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Fig. 6.8 Sensitivity of
capacity factor for
non-reactive transport using
Eq. (6.2) in TTD tests
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the accessible porosity (or capacity factor, for non-reactive diffusion flow) using the
formulation based on Eq. (6.1) showed a clear influence of accessible porosity. Thus
the estimation of DS

e and φ is possible independently from the measured data. The
variation in the temporal concentration profiles for the same diffusion coefficient
(DG

e � DS
eφ) as used in Fig. 6.7 with varying accessible porosity values were shown

in Fig. 6.8. The variation in the temporal concentration profiles with the accessible
porosity (or capacity factor, for non-reactive diffusion flow) was insignificant when
the formulation using Eq. (6.2)was considered. As the concentration data appeared to
be insensitive to the accessible porosity when varied over a wide range, the prediction
of capacity factor may pose severe limitations.
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6.3.3 Prediction of Accessible Porosity for Reactive Flows

The estimation of DS
e for reactive tracers or salt diffusion through compacted ben-

tonite clays requires an independent estimation of φ along with DS
e and Rd from the

inverse analysis of measured temporal concentration data. The possibility of estima-
tion ofDS

e , φ, α (or Rd) from the synthetically generated data and measured data was
demonstrated here. Synthetic data using different percentages of white noise were
generated as presented in Fig. 6.9 for TTD case using L � 1 cm, Hf � Hc � 5 cm,
DS

e � 1.52 × 10−6 cm2/s, α � 3.129; φ � 0.694. Inverse model based on QPSO was
used to predict all three model parameters (DS

e , φ, α) for synthetic data with different
percentage of noise. The predicted theoretical data were in close agreement with
the synthetic data for all the cases. However, two of the predicted model parameters
(DS

e , φ) significantly varied for different noise values albeit providing the same
transient contaminant concentration data. The predicted DG

e (DS
e × φ), however,

showed that the values converged to the inputted model parameters. Thus the TTD
data were not sufficient to predict the accessible porosity for the reactive transport.
Further, the three-parameter estimation exercise was conducted on the measured
data of chloroform diffusion and KCl diffusion through different compacted soils.

The measured data from the diffusion experiments conducted for chloroform was
taken from [19] to independently estimate the model parameters. Inverse analysis
was performed to obtain themodel parameters (DS

e and α) by inputting the soil poros-
ity. The theoretical concentration data obtained for the optimized value of the model
parameters was in good agreement with the measured data. The measured data were
also used to estimate the three parameters (DS

e , φ, α) independently. It was observed
that although the measured concentration data corroborated well with the theoretical
data, but there was a significant difference in the estimated value of DS

e (Fig. 6.8).

Fig. 6.9 Estimation of the
model parameters from the
synthetic data
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Fig. 6.10 Estimation of
model parameters from the
chloroform diffusion data
[19]
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However, the estimation of DG
e (DS

e × φ), would be more reliable as it leads to the
estimation of same effective diffusion coefficient for both the cases (Fig. 6.8). Similar
observations were foundwhen the experimental concentration variation of the source
and collector reservoirs for KCl diffusion through compacted Barmer bentonite was
considered from the literature [8] for the parameter estimation. By utilizing the mea-
sured concentration data and inputting the value of soil porosity theoretical concentra-
tion profile was obtained for the optimized value ofDS

e and α (Fig. 6.9). The accurate
estimation of all the three parameters was not possible and resulted in different sets
ofDS

e and α. However, it was observed that theDG
e (DS

e × φ), was unique for both the
trials. As the predicted DS

e in the reactive case is influenced by the inputted porosity
(n), an independent estimation of DS

e similar to the non-reactive case is not possi-
ble. Therefore, the effective diffusion coefficients of reactive and non-reactive cases
through the same clay specimen are not suitable for comparison (Figs. 6.10, 6.11).

6.4 Conclusions

The following conclusions are drawnbasedon the aforementioneddiffusion analyses.

1. Different formulations for effective diffusion coefficients for the diffusion trans-
port through compacted clays significantly influence the predicted accessible
porosity (or capacity factor) for the non-reactive transport. The sensitivity of
temporal concentration data to the accessible porosity is found to be different for
different formulations.

2. The effective diffusion coefficients for reactive and non-reactive cases through
the same clay specimen are not suitable for comparison as the effective diffusion
coefficient estimation in reactive transport is influenced by the inputted porosity.
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Fig. 6.11 Estimation of
model parameters from the
KCl diffusion data through
Barmer bentonite [8]
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3. Laboratory diffusion techniques should be chosen based on the required model
parameters, but one technique is not substitute for the other one. For exam-
ple, half-cell technique is useful for the estimation of accessible porosity, but
estimation of effective diffusion coefficient is not possible. In-Diffusion and
through-diffusion techniques are useful for the estimation of effective and appar-
ent diffusion coefficients independently.
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Chapter 7
Axial Load-Displacement Behavior
of Energy Pipeline Systems in Sand

Sai K. Vanapalli and Mohammed Al-Khazaali

7.1 Introduction

Pipeline systems form vital infrastructure that significantly contribute to the global
economy in general and Asia in particular. Recently, Asia has become the largest
energy consumer in energy markets. The fast-growing economy of India and China
combined demand for energy will gradually surpass half of the total global energy
demands by 2030 [1]. India is the third largest fossil fuel (i.e., oil, gas, and coal)
consumer in the world [2]. Oil and gas combined provide 34.4% (i.e., 27.9% from
crude oil and 6.5% from natural gas) of the total consumed energy in India. To
support such growing demands, new potential oil and gas suppliers in Central Asia
(i.e.,Kazakhstan, Turkmenistan, andAzerbaijan) in addition toRussia are expected to
supplement India and China constructing new and as well as developing the existing
regional energy pipeline network [3]. Table 7.1 provides a succinct summary of new
and existing energy pipeline projects and size of investments for these projects in
Asia and worldwide.

Onshore pipeline systems are typically buried at a shallowdepth of 0.8–1.2m from
the soil surface to prevent direct expose to human daily base activities [16]. These sys-
tems are conventionally designed and analyzed following design codes, guidelines,
and recommended practice procedure manuals that extend the principles of saturated
soil mechanics [17–20]. In addition, BS EN 1997-1:2004 [21] recommends that for
stability and serviceability requirements, the most unfavorable groundwater condi-
tion that could occur during the structure lifetime should be considered. In other
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Table 7.1 Major present and prospective pipeline projects in different regions of the world: invest-
ments and benefits

Region Investment and potential benefits References

Africa Africa is expected to become one of the most important natural
gas production region in the near future to cater the needs of the
world according to Energy Information Administration (EIA) [4].
There are several pipeline projects that connect North Africa to
Europe. In addition, several projects are planned to transport
natural gas within Africa, for example

EIA [4]

A 600 km pipeline project was planned by the Nigerian
government to transport gas to Benin, Togo, and Ghana. The
project is expected to save $500 billion in primary energy costs
over a period of 20 years [5]

Obadina [5]

Chad-Cameroon pipeline project was constructed between 2000
and 2004 investing $3.5 billion. The pipeline project helped
Chadian people to overcome poverty problems

African
Development
Bank and
African Union
[6]

China invested $15 billion to construct 1500 km pipeline system
in Sudan. This infrastructure facilitates to transport oil

Asia Some of the proposed and ongoing projects are listed below Mahmood et al.
[7]

The ongoing Turkmenistan, Afghanistan, Pakistan and India
(TAPI) gas pipeline project: This project will extend on 1680 km
and transport 33 billion cubic meters (bcm) per year of natural
gas from the Galkynysh field in Turkmenistan to Afghanistan,
Pakistan and India. The project will provide 38 million cubic
meters (mcm) per day of natural gas to each of India and
Pakistan, and 14 mcm to Afghanistan. The construction cost of
this project was estimated to be at least $7 billion [7]

MPNGGI [2]

Jagdishpur-Haldia and Bokaro-Dhamra pipeline (JHBDPL)
projects: The Indian government in 2016 granted Rs. 5,176 Core
(i.e., USD $700 million) to Gas Authority of India Limited
(GAIL) to develop JHBDPL pipeline projects which are known
as Pradhanmantri Urja Ganga Project. The project will connect
the Eastern part of the country with the natural gas grid [2]

IEA [1]

Eastern Siberia-Pacific Ocean oil pipeline will transport 300,000
barrels per day from Eastern Siberia, Russia to China and another
300,000 barrels per day to Japan and other Asian markets

Chow et al. [3]

A pipeline project constructed by British petroleum (BP) and
partners in Azerbaijan International Oil Consortium (AIOC) to
transport oil from Azerbaijan to a marine terminal at Supsa in
Georgia. BP and AIOC partners invested over $500 million in
construction this pipeline

Two pipeline projects transport the imported crude oil and natural
gas from Middle East and Africa to Southwest China. The
pipeline projects are 1,110 km (690 mile) crude oil pipeline starts
from Kyaukphyu, Myanmar to China and 1807 km (1,123 mile)
natural gas pipeline starts from the Bay of Bengal

(continued)
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Table 7.1 (continued)

Region Investment and potential benefits References

Europe To supplement existing European Union energy markets, new
pipeline projects have been initiated to increase the import
capacity from Africa, middle east, and Asia, and ensure stable
supply of petroleum products. New pipeline projects were started
by Turkey and Azerbaijan (TANAP) and Trans-Adriatic Pipeline
project (TAP). Natural gas from Caspian Sea Shah Deniz fields in
the east would be transported to Grece via Turkey through
TANAP. The project is expected to be completed in 2020 and will
initially transport 16 bcm of gas per year with potential increase
up to 31 bcm by 2026. The two projects, TANAP and TAP are to
be connected in order to link Turkey with Italy through Greece
and Albania. For EU, the new energy pipeline projects will
provide safe routes and avoiding gas transit through Ukraine

Bjørnmose et al.
[8]

DeMicco [9]

North
Amer-
ica

Canada has extensive pipeline infrastructure; the value of energy
transported over the Canadian pipeline system within Canada and
to other export markets exceeded $100 billion annually during the
period 2007–2012 while the annual cost of transport through the
same pipelines averaged less than $5 billion. The exported energy
by Canadian pipeline system contribute to approximately one
fifth of Canada’s total annual merchandise export revenues [10].
According to Canadian Energy Pipeline Association (CEPA)
[11], a hypothetical new natural gas pipeline investment of $1.52
billion, 1000 km located half in Alberta and half in British
Columbia provinces would increase the Canadian gross domestic
product (GDP) in the order of $1.2 billion. The new pipeline
project would create several thousands of jobs in Alberta and
British Columbia in addition to Ontario, Quebec, Saskatchewan,
and Manitoba provinces. Furthermore, delaying the new pipeline
construction would yield that the costs to the Canadian natural
gas consumers could be as much as $57.5 billion over the period
from 2006 to 2025 based on a constant 2005 dollar value

Benoit [10]

USA is the largest natural gas producer at 65 billion cubic feet
per day. In addition, USA has achieved remarkable improvement
in crude oil production capacity growth, adding 1.2 million
barrels per day of capacity over the 2008–2012 period [12]. The
USA natural gas and oil pipeline system is the largest pipeline
network with 4.18 million km (2.6 million miles) that carries 14
billion barrels of crude oil and about 25 trillion cubic feet of
natural gas in 2012 [13]. New pipeline projects are needed to
support the large amounts of domestically produced energy and
alleviate chokepoints that prevent efficient and timely delivery of
energy resources. Keystone XL pipeline project, for example,
between USA and Canada is a promising project. The proposed
pipeline starts from Alberta and ends at Nebraska and pass
through Saskatchewan in Canada and Montana, and South
Dakota in USA. The Keystone XL pipeline will serve to transport
up to 830,000 barrels of oil per day from Canada and America’s
Bakken Shale formation to USA [13]. Keystone XL pipeline
construction will create 42,000 job opportunities and provide $2
billion in workers pockets over 2 years

CEPA [11]

Fullenbaum
et al. [12]

Gerard [13]

(continued)
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Table 7.1 (continued)

Region Investment and potential benefits References

Middle
East

Middle East region has significant oil and gas resources.
According to the Organization of the Petroleum Exporting
Countries (OPEC) [14] around 23.5 million barrel per day (i.e.,
20% of world oil production) is pumped from this region and
around 800 billion barrels are reserved in this region out of
around 1,493 billion barrels world proven crude oil reserves
based on 2014 statistics. In addition, around 625,800 mcm of
natural gas were produced in 2014 and 80,109 bcm are reserved

OPEC [14]

The region suffered from several conflicts and political
disturbances which threatened the flowing of petroleum products
to the world markets. The vulnerability of the energy
transportation systems in the region led to propose several new
pipeline projects, for example [15]

Mills [15]

Ras Markaz pipeline project that is connected to export terminal
and oil storage park near the port of Duqm in Oman. The project
will offer an outlet to the Indian Ocean

Haditha-Jordan pipeline project in Iraq. This project would help
to reduce the dependence of Iraqi petroleum industry on the
vulnerable Basra terminals and the Gulf and Strait of Hormuz

Khurmala-Fishkhabour pipeline project in Iraq’s Kurdistan region

Another pipeline project in Iran is proposed to transport oil from
Neka on the Caspian Sea to Jask on the Arabian Sea

words, soil should always be considered saturated by considering the groundwater
table (GWT) is at the surface in the analyses and design assumptions.

However, assuming the presence of GWT at the natural ground surface does not
necessarily assure a conservative design approach. Achten et al. [22] studies suggest
that arid and semi-arid regions constitute around 40–50%of the total global land area.
These regions experience significant water evaporation in comparison to infiltration
which contributes to the development of a shallow unsaturated soil layer (i.e., vadose
zone) that typically extends to a depth of about 2–3 m. In other words, in semi-arid
and arid regions, pipeline systems are most likely to be buried in and interact with
unsaturated soil in which the capillary stress or matric suction, (ua – uw) has a direct
impact on the soil–pipeline system behavior.

Limited research studies were devoted to understand the behavior of soil–pipeline
system taking account of the influence of suction [23–29]. These studies highlight
the mechanical behavior of a pipeline system in unsaturated soils is significantly
influenced by the soil suction. Saadeldin et al. [29] investigations suggest the flexible
and rigid pipes buried in an unsaturated clayey soil undergo large deformations in
pipelines due to soil heave upon wetting due to a reduction in the soil suction.
Robert et al. [28] numerical studies on a buried pipeline subjected to strike-slip fault
movement in unsaturated sand suggest that the deformations anticipated in a pipeline
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buried in unsaturated sand are much higher due to contribution of (ua – uw) towards
soil stiffness and shear strength.

Al-Khazaali et al. [23] extended amodified total stress analysis approach to numer-
ically investigate the behavior of a buried pipeline in unsaturated Indian Head till
(IHT) soil nearby unsupported excavations. The study suggests that pipeline systems
buried in unsaturated IHT soil may experiencemuch higher internal forces (i.e., shear
and axial forces, and bending moment) in comparison to saturated condition. The
above-discussed examples provide evidence that saturated condition is not always
the most unfavorable soil condition or conservative scenario that can be used in the
design of pipeline systems. The higher shear strength and stiffness of soil under
unsaturated conditions can contribute to extensive damages to pipeline system and
likely affect its integrity.

The present study extends the principles of saturated and unsaturated soils
mechanics in evaluating the response of pipeline system buried in a sand and sub-
jected to an axial load under saturated and unsaturated conditions, respectively. The
test results of the axial load-displacement tests on the pipe showed that the axial
forces and stresses are significantly higher when the soil is in a state of unsaturated
condition in comparison to the saturated condition. The study results highlight the
need for revising the presently used design procedures which are based on con-
ventional soil mechanics. In other words, principles of unsaturated soil mechanics
should be extended towards proposing rational design procedures for pipelines buried
in unsaturated soils.

7.2 Background

Axial forces on a buried pipeline arise from relative movement between the pipeline
and surrounding soil. Such soil mass movement or permanent ground deformation
(PGD) is induced by soil subsidence, landslides, liquefaction, frost heave or thaw
settlement, or seismic loads (Fig. 7.1). According to American Lifeline Alliance
(ALA) [17], longitudinal PGD causes damages to non-seismically designed steel
pipelines approximately 5–10 times higher than transverse PGD. Such a statement
is made based on the fact that a pipe is inherently more flexible when subjected to
bending comparing to axial tension or compression.

Themobilized shear stress along the pipe body is the key parameter that is required
to estimate themaximumaxial load exerted on a pipeline. Themechanismofmobiliz-
ing shear stress along a pipeline body is similar to shaft resistance in pile foundation.
As a result, a modified version of the classical β-method by Burland [30], Eq. (7.1)
for cohesionless soils extending Terzaghi’s effective stress concept and α-method by
Skempton [31], Eq. (7.2) for cohesive soils extending total stress analysis approach
were utilized to predict axial load per unit length, Fu exerted on a buried pipeline.

Fu � π · D ·
[
γ′ · H ·

(
1 + K0

2

)]
· tan δ (7.1)
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Fig. 7.1 A pipeline
subjected to longitudinal
PGD (modified after [19])

Fu � π · D · α · cu (7.2)

where D is the pipe outside diameter, K0 is coefficient of lateral earth pressure at
rest, γ′ is effective unit weight, H is the soil cover thickness to the springline, δ is
the friction angle for the interface, cu is soil undrained cohesion, and α is adhesion
factor. The value of δ is a function of pipeline coating materials and can be estimated
as a ratio of soil effective friction angle, φ′ using a reduction factor [20, 32].

The former equations are valid for saturated soils; due to this reason, Eqs. 7.1 and
7.2 cannot reliably estimate the axial force exerted on a pipeline body in unsaturated
soils and likely result in unsafe design loads due to ignoring(ua – uw) influence on
the shear strength of soil–pipeline interface.

The shear strength for unsaturated soil is a function of two independent stress state
variables, namely: net normal stress, (σ – ua) and matric suction, (ua – uw) [33, 34].
Fredlund et al. [34] extended the classical Mohr–Coulombmodel for interpreting the
shear strength of unsaturated soils, τunsat in terms of (σ – ua) and (ua – uw) (Eq. 7.3).

τunsat � c′ + (σ−ua) tanφ′ + (ua − uw) tanφb (7.3)

where c′ is effective cohesion, σ is normal stress, uw is pore-water pressure, φb is
angle of internal friction with respect to (ua – uw) variation under a constant (σ – ua),
and ua is pore air pressure.

The variation of the τunsatis a function of (ua – uw) which is directly related to
moisture content. The relationship between moisture content or degree of saturation
and soil suction can be described using the soil-water characteristic curve (SWCC)
(Fig. 7.5). Three key zones with distinct features can be recognized from the SWCC
namely: (i) In the boundary effect zone, all the pores are filled with water and the soil
is essentially saturated up to the air entry value (AEV); (ii) In the transition zone,
there is a gradual reduction in moisture content in response to an increase in the
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suction; and, (iii) In the residual zone, there is no continuity in the water phase and
large changes in soil suction result in only small changes in water content [35].

The variation of the unsaturated shear strength in the zones of suction is defined
by φb value. Up to the AEV, φb � φ′ and τunsat varies linearly with suction. As the
(ua – uw) exceeds the AEV, the contribution of φb becomes less than φ′ due to a
decrease in the wetted contact area of water within the soil particles. The variation of
τunsat with respect to (ua – uw) is nonlinear in both transition zone and residual zone
suction contribution towards shear strength reduces. The variation of τunsat influences
the mechanical behavior of the pipeline system buried in a soil that is in a state of
unsaturated condition. Due to this reason, significantly larger loads will be exerted
on the pipeline body than the expected design capacity. This background discussion
suggests the conventional methods that are based on the principles of saturated soil
mechanics underestimate the design capacity of pipelines.

7.3 Experimental Program

The objectives of the current study can be summarized as below: (i) to undertake an
extensive experimental testing program for investigating pipeline system behavior
subjected to axial load under saturated and unsaturated conditions, and (ii) evaluating
the contribution of matric suction towards the axial load exerted on a pipe buried in
sand under unsaturated conditions.

7.3.1 Experimental Setup

The experimental setup constituted of a relatively large soil container, a prototype
pipe, several instrumentation and other features to facilitate testing under saturated
and unsaturated conditions. The soil container was specially designed and fabricated
using rigid steel plates with internal dimensions of 1.5 m length, 1.2 m width, and
1.1 m height.

On one of the sides of soil container, a transparent acrylic observationwindow that
extends from the base to top of the container was installed. The window facilitates
in the visual inspection of water movement during the process of saturation and
desaturation (Fig. 7.2a).

Several methods are available in literature to investigate the performance of a
structure under unsaturated condition, for example; sprayingwater on the soil surface
[36] or mixing the soil before compacting it with a specific gravimetric water content
that corresponds to a desired soil suction for performing the test [27]. However,
such methods have limitations in ascertaining a well-defined soil-matric suction
profile associatedwith nonuniform spatial variation ofwater content that are typically
encountered in practice. In the current study, an efficient and straight forward test
methodology is suggested to achieve a well-defined soil-matric suction profile to
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Fig. 7.2 a The full test
setup, b pipe fabricating and
sleeve, and c graphical
illustration of the test setup
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investigate the behavior of soil–pipe interaction under unsaturated condition. Such a
profile is consistent with in situ conditions that are typically encountered in semi-arid
and arid regions.

This is achieved by using a special water supply/drainage system that consists
of an external valve that branches into three perforated pipes of 50.8 mm nominal
diameter in the soil container. The pipes extend along the base of the container and
are set apart at 400 mm center-to-center spacing. The perforated pipes are covered
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with a filter layer, which constitutes of a 75 mm clean gravel layer and a geofabric
sheet. The filter layer serves as a barrier between the gravel and the sand. The water
supply/drainage system facilitates uniform saturation and desaturation process of the
sand in order to create different moisture regimes in the container.

A steel pipe of 114.3 mm outer diameter and 1.35 m length was fabricated and
used to perform the axial load-displacement tests (Fig. 7.2b). The soil–pipe inter-
face roughness has a significant impact on its behavior. Yoshimi and Kishida [37]
quantified the surface roughness (Rmax.) as the relative height between the highest
peak and lowest valley over 2.5 mm length of a surface profile. Kishida and Uesugi
[38] suggested that surface roughness can be quantified using normalized roughness
(Rn.) that is defined as the ratio of Rmax. to the mean particle size of the soil D50.
For the current study, the pipe surface was knurled to create a rough surface using a
lathe machine. Cross knurling was made along the pipe surface at 1 mm pitch with
surface roughness, Rmax. � 0.25 mm [37] and normalized roughness, Rn. � 1 [38].

The sand was compacted manually at optimum moisture content in several layers
of 200 mm thickness using a 6.5 kg hammer. The pipe was placed and leveled
horizontally at 250 mm depth from the springline (i.e., pipe center) to the soil surface
during soil compaction. The front end of the pipewas accommodated in steel sleeve of
130mmdiameter with a length of 200mm that was used tominimize the interference
between the pipe front end, soil, and the box physical boundary. The sleeve served
as a barrier to prevent the sand from filling the void between the pipe and the box.
In addition, a plastic sheet layer of negligible strength was used to wrap the overlap
pipe-sleeve gap to prevent water leakage and sand movement into the gap between
the pipe and the sleeve.

The tests were performed with the aid of several instruments for gathering the
required data. The instruments include: (i) A hydraulic jack of 40 mm maximum
stroke that was used to apply pullout force on the prototype pipe; (ii) S-shaped
Transducer Techniques load cell (LC) of 22,241 N (5000 lbs) capacity was used to
measure the mobilized axial force due to soil–pipe relative movement; (iii) A linear
variation displacement transducer (LVDT) of 50.8 mmmaximum stroke was used to
measure the corresponding displacement; (iv) Data acquisition system (DAQ) and a
computer were used to collect and store the data; and (v) Four soil moisture probe
2100 F Tensiometers that were buried at depths equal to 100, 200 (i.e., top of the
pipe), 310 (i.e., bottom of the pipe) and 450mmwere used to measure the soil-matric
suction profiles in the soil container.

The pipe was aligned, before it was buried, horizontally with the LC, loading
frame and the hydraulic jack to avoid any unbalanced forces. The axial load was
applied using the hydraulic jack which was acting against an adjustable external
loading frame. A19.01 mm threaded rod was used to connect the hydraulic jack, LC,
and the front end of the pipe and transfer the load from the hydraulic jack to the pipe.
The rod passes through a hole in the middle of the reaction beam and connect the
hydraulic jack to LC from one side and through a hole in the container front side and
connect the pipe to the LC from the other side.
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Table 7.2 Summary of sand
physical and mechanical
properties

Index property

Maximum dry unit weight (kN/m3) 16.7

Optimum moisture content (%) 14.6

Void ratio 0.606

D60 (mm) 0.25

D30 (mm) 0.19

D10 (mm) 0.13

Coefficient of uniformity 1.9

Coefficient of curvature 1.1

Specific gravity 2.65

Unified soil classification system SP

Mechanical property

Soil peak angle of friction, φ′ (°) ~35

Interface peak angle of friction, δ′ (°) ~34

Fig. 7.3 Grain size
distribution curve
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7.3.2 Soil Properties

Poorly graded silica sand that is known commercially as Unimin 7030 was used in
the current study. The key physical and mechanical properties of the silica sand are
presented in Table 7.2. The grain-size distribution curve is presented in Fig. 7.3.

The SWCC was measured using hanging column method introduced by Haines
[39] for coarse-grained soils. The hanging column setup was constructed following
ASTM D6836-02 [40] (Fig. 7.4).

The setup consisted of height adjustable and fixed water reservoirs that were used
to apply deferential pressure on the soil sample. The reservoirs were connectedwith a
plastic tube from the bottom. The pressure difference on the sample was achieved by
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Fig. 7.4 Hanging column
setup reservoir

Horizontal tube

Scale(ua uw)

Manometer

Adjustable
reservoirLever

Tempe
cell

Fixed

changing the height of the adjustable water reservoir. The fixed reservoir is branched
from the top into two tubes of which one is connected to a Tempe cell that hold the
soil sample and the other is connected to a manometer (U-shaped tube). The pressure
difference was applied on the soil sample through the first tube which was used also
to collect and measure the extracted water. The manometer was used to measure the
matric suction acting on the specimen by hanging column technique. The Tempe cell
has a ceramic disk with an air entry value of 1 bar that holds statically compacted
soil sample prepared using a triaxial shear test loading frame to achieve the desired
density (i.e., γd � 16.20–16.70 kN/m3).

The SWCC thatwasmeasured following the drying path is succinctly summarized
below: (i) The soil sample was saturated by flooding it with deaired-distilled water;
(ii) The extra moisture content was allowed to gradually drain over a period of
24hours prior to the conducting test; (iii)Apply small differential pressure increments
of 1 kPa lowering the adjustable reservoir by 100 mm; (v) The corresponding (ua –
uw) was measured using the manometer; (iv) The extracted volume of water for each
(ua – uw) increment from the sample was collected in the measuring tube and used
to determine the water content. The measured SWCC data was fitted using Fredlund
and Xing [41] model that is presented in Fig. (7.5).

7.3.3 Test Methodology

In the current study, water table (WT) depths was varied in the test container to
achieve different soil (i.e., saturated and unsaturated) conditions. The test method-
ology included several steps such that different soil-matric suction profile sand
stress regimes (Fig. 7.6) were achieved in the test container to study the axial load-
displacement behavior of the buried pipe.

The test methodology is appropriate to study pipeline structure interaction prob-
lems in sandy soils. Repeatable soil-matric suction profile were achieved before prior
to conducting each of the tests following four steps. The first step included burying
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Fig. 7.5 Soil–water
characteristic curve (SWCC)
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the pipe and setting all the instrumentation. The confining stress around the pipe
body increased to a certain level due to overburden pressure effect.

The soil was saturated in the test tank during the second step by raising the WT
from the bottom of the soil container (i.e., to level 1 Fig. 7.2c). This is an important
stage to create a reliable soil-matric suction profile for different WT levels in coarse-
grained soils. If the soil is saturated by adding water from the top, it is likely to create
air pockets that would contribute to a nonuniform matric suction profile. Raising
the WT ensures the removal of air pockets and occluded air bubbles from the soil
surface and will create uniform saturation condition. The water supply/drainage
system (WSDS) was used to saturate the soil in the soil container from the bottom.
The water was supplied from the inlet valve to the three perforated pipes, which
provided uniform water distribution at the bottom of the box.

In the third step, unsaturated condition is created by lowering the WT to a desired
depth; for example to level 2 in Fig. 7.2c. The soil above the WT is in a state of
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unsaturated condition while the soil under the WT is saturated. In the test, the WT
was gradually lowered using the WSDS for a certain period of time which allowed
to achieve uniform desaturation conditions along the cross-sectional area of the soil
container. This time period was decided after several trial studies for the tested sand
and was found to be approximately 18–24 h. The axial load-displacement test was
initiated after achieving equilibrium condition. At this stage, the confining stress
increases to a certain level due to the increase in the effective unit weight associated
with desaturation.

Step four constitutes of loading the pipe which is initiated after achieving equi-
librium condition of matric suction profile. The load was applied manually using
the hydraulic jack. The mobilized axial resistance due to relative movement of the
pipe with respect to soil and the axial displacement were measured using the LC and
LVDT, respectively and recorded in a computer.

7.4 Results and Discussions

Five different soil-matric suction profiles were achieved in the testing program by
varying the water table levels (i.e., WT0 (saturated), WT1, WT2, WT3, WT4, and
WT5). The variation of matric suction with depth was measured using four Ten-
siometers. Each WT level resulted in a soil-matric suction profile and the results are
presented in Fig. 7.7.

The readings of measurements from Tensiometers were found to be consistent
with the matric suction values estimated indirectly. This was achieved by collecting
soil samples above water table (i.e., WT2) for determining water content in six
small aluminum containers. These containers were buried during preparation phase
at different depths from the soil surface (i.e., at 100, 200, and 310 mm, using two
containers at of each of these depths) for the third test. The depths of the containers
were chosen at the top and bottom of the pipe and in the middle of the soil cover
above the pipe in order to get the variation of suction within and above the pipe zone
(Fig. 7.7). The soil sampleswere collected immediately after the test. The gravimetric
water content in the collected samples was used to estimate the corresponding (ua
– uw) from the SWCC. The estimated (ua – uw) from the collected samples for the
third test agrees well with the Tensiometers readings as shown in Fig. 7.7.

The variation of the soil-matric suction profiles shows that as the WT depth
increases, the (ua – uw) values increase above and below the pipe. However, the
rate at which the (ua – uw) increases changes as the soil moves from the boundary
effect zone to transition and residual zones of suction. The (ua – uw) increases at
higher rate in the boundary effect zone which is basically a small zone above the
WT. In this zone, the soil is practically still in a state of saturated condition, in spite
of capillary stress. Once the soil moves to the transition zone, capillary stress will
not be able to sustain free water between the soil particles at higher zones and starts
to desaturate. Since (ua – uw) acts along the wetted area, the reduction in the wetted
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Fig. 7.7 Soil-matric suction
profiles for different water
table levels
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area will lead to lower increase rate in contributing to the mechanical properties of
unsaturated soil in comparison to the boundary effect zone.

For WT5, the soil was allowed to drain by keeping the drainage valve open for
a period of 24 hours prior to taking the Tensiometers readings. At this stage, the
soil was in the residual zone of suction and approaching close to dry condition. In
this zone, the wetted area is minimal and there is no continuity in the water phase.
Therefore, the (ua – uw) values were almost constant with depth.

The measured axial load-displacement behavior of the pipe for three WT levels
(i.e., WT0 (saturated),WT1 andWT2) is presented in Fig. 7.8. EachWT level;WT0,
WT1, and WT2 resulted in different average matric suction ((ua – uw)av.) values of
0 kPa, 3 kPa, and 4.25 kPa, respectively above and below the pipe. Themeasured load
is significantly higher for (ua – uw)av. � 4.25 kPa in comparison to saturated condition
(i.e., (ua – uw)av. � 0 kPa). For (ua – uw)av. � 3.0 and 4.25 kPa, the axial load increases
significantly especially in the elastic zone due to suction-strain hardening. Han et al.
[42] stated that suction is an energy potential exerting tension stress on soil skeleton
bringing the soil particles and their packets together providing resistance to elastic
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Fig. 7.8 Axial
load-displacement tests
results of the prototype
pipeline under saturated and
unsaturated conditions
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and plastic deformations. Hossain and Yin [43] concluded, at low confining stress,
the shear strength of unsaturated interface exhibit strain hardening in the pre-peak
zone due to matric suction contribution.

7.5 Conclusion

In the present study, an extensive experimental investigation was undertaken to study
the behavior of a prototype steel pipeline of 114.3 mm outer diameter and 1.35 m
length in a sand that was subjected to a parallel soil mass movement in the lon-
gitudinal direction under saturated and unsaturated conditions. This was achieved
following systematic testing procedure in a specially designed soil container system
with water/supply drainage provisions. Reproducible soil-matric suction profiles for
differentWT levels were achieved using differentWT levels to create different stress
regime (i.e., saturated and unsaturated) conditions.

The axial load test results of the prototype pipeline in unsaturated sand were
found to be 2–2.5 times greater than saturated condition. Results from the present
study demonstrate that pipeline systems in unsaturated soil experience higher exter-
nal axial forces. The design of pipeline systems based on conventional approaches
underestimates the external, and internal forces. Due to this reason, design proce-
dures extending the principles of saturated soil mechanics for pipelines buried in
unsaturated soils is not conservative; it is unsafe.

This study highlights the need for revisiting design procedures of pipeline systems
and other soil-structure interaction problems that are in direct contact with unsatu-
rated soils that are based on conventional soil mechanics. The study summarized in
this paper suggests that the rational interpretation of the pipeline systems is possible
by extending the principles of unsaturated soil mechanics.
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Chapter 8
Reflection Crack Assessment Using
Digital Image Analysis

Sireesh Saride and V. Vinay Kumar

8.1 Introduction and Background

Reflection crack is one of themajormodes of distresswitnessed in the hotmix asphalt
(HMA) overlays over the decades. Cleveland et al. [1] defined the reflection cracking
phenomenon as a process of propagation of prevailing cracks and distress from the
existing old damaged pavement layers into and through the new asphalt overlays. The
major driving factors are the traffic inducedwheel loads and the seasonal/temperature
variations in the overlays and the old pavement layers [2, 3]. Reflection cracking is
a complex process consisting of two major stages: crack initiation and crack propa-
gation [4]. Besides, there is no unique solution to arrest the crack growth completely
and safeguard the HMA overlays. However, there are numerous solutions to restrict
the crack growth for a substantial duration, thereby, enhancing the overlay service life
effectively [5–7]. Themost widely employed solution is to provide a stress-absorbing
membrane interlayer (SAMI) [7, 8], paving fabric [6, 9, 10] geogrid [11–13], road
mesh [11], and geocomposites [14–16] at the interface of old and new pavement
layers.

Further, to understand the influence of these inclusions on the reflection crack
mechanism, a large number of laboratory and field studies have been performed. A
few important test techniques include wheel tracking test [17], the École Nationale
des Travaux Publics de l’État (ENTPE) test [18], the Belgian road research center
(BRRC) test performed at Belgium road laboratory [19], reflective wheel cracking
test [20], UGR-FACT test [21], flexural beam fatigue tests [11–13] and direct ten-
sile strength tests [10]. However, these techniques failed to understand the reflection
cracking phenomenon in the HMA mixtures. Besides, additional instrumentation in
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the form of sensors such as strain gauges and linear variable displacement transduc-
ers (LVDT) have been incorporated to predict the crack initiation and propagation
stages. These solutions failed to make an impact due to the inaccurate results, as it
is impossible to trace the measurement location prior to the test. To overcome these
issues, Saride and Kumar [6] and Kumar and Saride [9] have adopted the digital
image analysis program to study the full-field displacements and strains mobilized
in the specimen.

Digital image correlation (DIC) is a two-dimensional, non-interferometric, optical
measurement technique developed in the early 1980s with an aim to estimate and
analyze the heterogeneities in the composites, and concrete infrastructure [22, 23].
Choi and Shah [24] were the first in the construction field to adopt the DIC technique
to study the deformation characteristics of concrete infrastructure. Further, Kim and
Wen [25] made an attempt to study the characteristics of asphalt concrete specimens,
using digital image analysis. In addition, Safavizadeh et al. [26], Wargo et al. [27],
Saride and Kumar [6], and Kumar and Saride [9, 10] have successfully adopted
the digital image technique to analyze the cracking characteristics of the asphalt
mixtures. These findings suggest that the digital image analysis could be effectively
adopted to understand and assess the reflection crack mechanism in the two-layered
asphalt system. In this regard, the current study aims to assess the reflection crack
phenomenon in a two-layered asphalt system, consisting of an old distressed bottom
layer and an HMA overlay treated with a tack coat and geosynthetics, using beam
fatigue tests and digital image analysis program.

8.2 Materials

8.2.1 Binder and Mix

The binder adopted in the asphalt mix and as a tack coat in the current research is of
a penetration grade (PG) 60/70. The properties of the binder have been determined
under various laboratory tests and the results are presented in Table 8.1. The asphalt
mix consists of a nominal aggregate size of 13 mm, as per Ministry of Road Trans-
port and Highways (MORTH) specifications [28]. The properties of the mix were
determined under the Marshall stability tests performed as per ASTM D6927 [29].
It was found that the optimum binder content (OBC) of the mix was 5.5% by the
weight of aggregates. In addition, the strength and the flow values of the mix with
OBC were determined to be 14.25 kN and 2.5 mm, respectively.
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Table 8.1 Binder properties Properties Values

Penetration value (1/10th mm) 66

Specific gravity 1.01

Ductility (cm) 100+

Softening point (°C) 52

Viscosity at 60 °C (cP) 400

Flash point (°C) 340

Fire point (°C) 360

8.2.2 Grid and Composite

The current study aims to understand the reflection crack mechanism in asphalt over-
lays with and without geosynthetic-reinforcements. In this regard, a biaxial polyester
grid (PET) and a glass-grid composite (GGC) were adopted as geosynthetic-
reinforcements. It was reported that these geosynthetic-interlayers would perform
better in terms of antireflection cracking systems and would provide high resistance
to fatigue and rutting of asphalt layers [6, 26]. To understand the working tensile and
mechanical properties of the grid and composites, a wide-width tensile strength test
was performed as perASTMD4595 [30] along themachine (MD) and cross-machine
directions (CMD). These tests were conducted initially at room temperature (25 °C)
and repeated after a temperature test. In the temperature test, tomeasure the deviation
in the tensile strength of the interlayers due to high placement temperatures of HMA
and tack coat during the installations, the geosynthetic-interlayers were first placed
on the old pavement layer and an HMA concrete layer was placed at a temperature
of about 150 °C and then the geosynthetic-interlayers were carefully extruded after
a duration of 24 h. The latter exercise is to verify the influence of temperature and
other physical damages on the working mechanical properties of the geosynthetics
which are typical during the construction process.

The polyester grids are manufactured by knitting together high molecular weight
and high tenacity polyester yarns to form a grid with a square aperture of 18mm. The
grids are coated with a polymer-modified binder to enhance their bonding character-
istics. Based on the assessment of tensile and mechanical characteristics of the grid,
it was found that the PET has an ultimate tensile strength of 48 kN/m (MD) and 52
kN/m (CMD) at a failure strain of 18–20% before the temperature test. Similarly, the
tensile strength tests performed after temperature tests resulted in an ultimate tensile
strength of 48 kN/m (MD) and 52 kN/m (CMD) at a failure strain of 28–30%. No
reduction in the tensile strength was observed, however, the strain corresponding to
the failure has increased from 18 to 28%. This observation infers that the PET grids
would not show failure until 28% strain, or in other words, PET grids would not
mobilize the peak tensile strength under normal working strain conditions of 2–5%.
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On the other hand, the glass-grid composite is manufactured by mechanically
bonding together the fiberglass grids and nonwoven geotextiles. The assessment
suggests that the GGC has an ultimate tensile strength of 28 kN/m at a failure strain
of 2% and 25 kN/m at a failure strain of 1.75% along theMD and CMD, respectively.
It is interesting to note that the influence of temperature was observed to be negligible
on the working tensile and mechanical properties of the composites.

8.2.3 Specimen Preparation

The straight and prismatic beam specimens adopted in the current study consists
of a two-layered system with a binder tack coat and a geosynthetic-interlayer at
the interface. The bottom layer in the two-layered specimen is an old pavement
layer extruded during a highway rehabilitation program and the top layer comprise
of an asphalt concrete layer compacted using static weight compactor. A detailed
specimen preparation procedure for the fatigue analysis and corresponding digital
image analysis are presented by Saride and Kumar [6] and Kumar and Saride [9, 10,
16]. Besides, to assess the reflection crack phenomenon in the two-layered system,
the current study considers different conditions such as a crack/notch of 40, and
25 mm depth and a notch-less condition, in the bottom layer of the two-layered
system. Figure 8.1 presents the typical flexural test setup consisting of the two-
layered specimen and the test apparatus with the dimensions and loading conditions
for all the three conditions considered in the study. It can be visualized that the final
specimens have a span length of 360 mm, width of 50 mm and a thickness of 90 mm
(45 mm old layer ad 45 mm overlay). In addition, the notch-less and a notch depth
of 25, and 40 mm are presented in Fig. 8.1a, b and c, respectively.

8.3 Test Methods

8.3.1 Beam Fatigue Test (BFT)

Beam fatigue tests were performed under a load-controlled mode on the two-layered
asphalt specimens discussed under Sect. 8.2.3. The tests were performed on speci-
mens with and without reinforcements under the three different conditions to under-
stand their flexural fatigue behavior. In addition, the influence of notch depths and
the type of reinforcement on the performance of overlays against the cracking phe-
nomenon were studied. Figure 8.1 presents the typical test setup adopted in the study.
The load is applied on the beam specimens placed in a four-point test rig. The load
corresponding to a moving traffic condition replicating a 550 kPa single-axle contact
pressure was considered in the study. A detailed procedure of the flexural fatigue
tests performed on the beam specimens under stress (load) controlled mode is avail-
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Fig. 8.1 Typical beam fatigue test setup adopted in the study a Notch-less; b 25 mm notch depth;
and c 40 mm notch depth

able in Saride and Kumar [6, 16], and Kumar and Saride [9]. In addition, to assess
the influence of notch depth and geosynthetic-reinforcements on the reflection crack
phenomenon, a two-dimensional full-field crack monitoring technique was adopted.

8.3.2 Digital Image Correlation (DIC)

The digital image correlation and tracking is an optical method that employs tracking
and image registration techniques for accurate 2D and 3D measurements of changes
in the images. DIC is a data analysis procedure that uses the mathematical correla-
tion method to analyze digital images of a specimen undergoing deformation. This
technique offers the advantage of obtaining a spatially continuous measurement of
displacements, deformations, strain, optical flow and crack initiation and propaga-
tion.

Figure 8.2 presents a schematic of a typical DIC setup adopted in the current
study to record the images continuously during the beam fatigue test program. The
images of the specimens under various number of load cycles are recorded with the
help of a high-definition digital camera connected to the constant power supply and a
recording system. These images, recorded at various load cycles, are compared with
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Fig. 8.2 Schematic of a typical DIC setup adopted in the study

that of an undeformed image of the specimen to track the changes in their speckle
patterns. The changes in the speckle pattern of deformed images are carefully tracked
with the help of VIC-2D program,which adopts an iterativemathematical correlation
technique to track the change in the images. The changes are presented in the form of
deformations and displacements along the “x” and “y” directions. A detailed analysis
of these deformation fields would result in the calculation of strains along the “x”
and “y” directions, respectively.

8.4 Results and Discussion

8.4.1 General

The beam fatigue test results of two-layered asphalt specimens are presented
in Fig. 8.3, which depicts the variation of vertical deformation with number of
load cycles (N), also referred to as fatigue life. In all the test configurations, the
control specimen (CS) could not resist a large number of load repetitions before
failure, i.e., cracks propagated into the overlays at about 330 number of load cycles
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Fig. 8.3 BFT results: variation of vertical deformationwith number of cyclesaNotch-less;b25mm
notched; and c 40 mm notched specimens

(N ~ 330). However, as expected, the specimens without notch (Fig. 8.3a) have sus-
tained a higher number of load repetitions, followed by the specimens with 25 mm
notch depth (Fig. 8.3b) and finally the specimens with 40mmnotch depth (Fig. 8.3c).
The fatigue life of beam specimens for different notch cases and interlayer configura-
tions are presented in Table 8.2. The fatigue life of beam specimens surely depends on
the notch depth (existing crack) and the type of interlayer present at the interface. The
beam specimens without notch (intact old bottom layer) have shown higher fatigue
life than with preexisting notch. The specimens with 40 mm notch have shown low
fatigue life than the rest, indicating that the propagation of existing cracks is much
faster which reflects on the top surface. The variation in fatigue life of beam speci-
mens with different notch depths may be attributed to their flexural stiffness, which
is higher for notch-less specimens followed by specimens with 25 mm notch depth
and 40 mm notch depths, respectively.
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Table 8.2 Fatigue life (N) of
beam specimens (VD ~
14mm)

Interlayer type Notch-less 25 (m) 40 (m)

CS 335 66 14

PET 13116 1077 750

GGC 16,000 3000 2000

Besides, the specimens with geosynthetic-reinforcement have shown higher
fatigue life, irrespective of the notch depth. This enhanced performance may be
attributed to the tensile properties of the geosynthetic-reinforcement, which restricts
the vertical deformations and in-turn, crack propagation into the overlays, effectively.
Among the specimens with geosynthetics, the fatigue life of composite (GGC) spec-
imens is superior to that of grid (PET) specimens, irrespective of the notch depth.
The superior performance in GGC specimens is due to the ability of GGC interlayer
to mobilize a tensile strength of about 28 kN/m at a very low strain of about 2%.

The digital images captured during the BFT program are analyzed and the full-
field deformations are presented in the form of vertical deformation bands in Fig. 8.4.
The vertical deformation at any point on the specimen surface can be determined
from the displacement fields obtained at different load cycles during the BFT. Note
that in each color band, the vertical deformations are uniform and the downward
deformation is considered as negative in the analysis. As the curvature of the beam
at failure is maximum, the deformation band at the mid-span of the beams show a
maximum value. The deformation bands in the CS are continuous throughout the
depth of the beam, indicating that the deformations are uniform throughout the depth,
for all the notch conditions (Fig. 8.4). Whereas, the deformation bands are observed
to be discontinuous in all the specimenswith geosynthetics,which are very prominent
in notched specimens (Figs. 8.4b, c). The discontinuities in the deformation bands
are due to the presence of geosynthetics at the interface zone, which restrains the
crack propagation while absorbing the strain energy into the interlayer and controls
the vertical deformation. Hence, maximum deformations are observed in the bottom
layer, below the interlayer zone.

The corresponding number of load repetitions (fatigue cycles, N) at failure are
also presented in each case in Fig. 8.4. The fatigue life of specimens with geosyn-
thetics are observed to be higher than that of CS, irrespective of the notch depth.
Among the specimens with geosynthetics, the performance of composite-reinforced
specimens is observed to be significant to that of grid-reinforced specimens. It can be
seen that the notch-less, 25 mm notched, and 40 mm notched composite-reinforced
specimens have a fatigue life of 16,000, 3000, and 2000 cycles, respectively. At same
deformation level, the grid-reinforced specimens have sustained a load repetition of
13,116, 1077, and 750 cycles in notch-less, 25 mm notched and 40 mm notched
conditions, respectively.
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Fig. 8.4 Vertical deformation bands at failure aNotch-less;b 25mmnotched; and c 40mmnotched
specimens

Before analyzing the DIC data further, the vertical deformations obtained at the
mid-span of the specimen from an external linear variable deformation transducer
(LVDT)was comparedwith the deformations obtained fromDIC analysis. Figure 8.5
presents the variation of the vertical deformations obtained at mid-span from both
the methods for all the notch-less beam specimens, as a function of number of load
cycles (N). It can be observed that the deformation values obtained fromDIC analysis
and that recorded from LVDTs are very similar and the differences can be termed
as negligible. These observations suggest that the adopted digital image analysis
program is suitable to understand and assess the reflection cracking mechanism
in unreinforced and geosynthetic-reinforced asphalt overlays, under repeated load
conditions. In this regard, Safavizadeh et al. [26], Saride and Kumar [6], and Wargo
et al. [27] have successfully employed DIC analysis to evaluate the fatigue behavior
of geosynthetic-reinforced notched asphalt beams under repeated load tests.

From Figs. 8.3, 8.4 and 8.5, it can be observed that the geosynthetic-reinforced
asphalt specimens have consistently performed better than the control specimens,
irrespective of the notch depths. In order, to evaluate the enhanced performance in
geosynthetic-reinforced beam specimens with respect to the control specimens, a
non-dimensional performance factor known as fatigue life improvement ratio (INF)
is introduced. The fatigue life improvement ratio can be defined as a ratio of number
of load repetitions on a reinforced beam to the number of load repetitions on control
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Fig. 8.5 Comparison of vertical deformations obtained from DIC analysis and LVDT

beam calculated at same vertical deformation values and mathematically expressed
as

IN F � NR

NU
, (1)

where, NR and NU are the fatigue lives of geosynthetic-reinforced and unreinforced
specimens, respectively.

Figure 8.6 presents the variation of fatigue life improvement ratio (INF) with
vertical deformation values for all the test configurations. It can be observed that
the INF has increased with an increase in the vertical deformation, irrespective of the
notch depth and geosynthetic type. The improvement in PET specimens is less up
to a 4 mm vertical deformation, thereafter there is an invariable increase in the INF
of PET specimen. Whereas, in the GGC specimens, the improvement in fatigue life
can be witnessed as early as at a vertical deformation of 2 mm. For instance, at a VD
of 2 mm, an INF of 19 is observed in notch-less GGC specimens, against an INF of 3
in the notch-less PET specimens (Fig. 8.6a).

Similar observations can also be witnessed in the notched specimens as well
(Figs. 8.6b, c). Among the notched specimens, the INF achieved is higher in the
specimens with 40 mm notch depth than the specimens with 25 mm notch depth.
As the stiffness of the specimens with 25 mm notch is generally higher than that
of 40 mm notch depth, the former beams have sustained a higher number of load
repetitions than the latter ones (Fig. 8.3b, c), thus the decrease in the improvement
ratio. It can be clearly seen from Fig. 8.6b, c, that for the GGC specimen with 40 mm
notch depth, an INF of about 120 is achieved against an INF of 25 for specimens
with 25 mm notch depth, respectively at 6 mm vertical deformation. The superior
performance of GGC specimens may be attributed to the reinforcing effects of the
interlayer, which can be witnessed as early as a vertical deformation of 2 mm is
reached and continued till the failure.
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Fig. 8.6 Variation of fatigue life improvement ratio with number of cycles a Notch-less; b 25 mm
notched; and c 40 mm notched specimens

Besides, the deformationfields presented in the formof vertical deformation bands
are analyzed further to calculate the corresponding maximum tensile (horizontal)
strains at the crack tip. Based on the BFT results, it is understood that the presence
of geosynthetics help to minimize the crack propagation in the vertical direction by
controlling the maximum tensile strain at the crack tip. The tensile strain contours
for the control, grid-reinforced and composite-reinforced specimens with notch-less,
25 mm notch depth, and 40 mm notch depth conditions are presented in Fig. 8.7.
It can be observed that the tensile strains in CS are consistently higher than the
specimens with geosynthetics, irrespective of notch depth. The tensile strains as
high as 74%, 30%, and 4.75% were witnessed in a CS with 40 mm notch depth,
25 mm notch depth and notch-less conditions, respectively. Whereas, the tensile
strains in specimens with geosynthetics are in the range of 9–19% (40 mm notch
depth), 5–11% (25 mm notch depth), and 1.5–3.4% (notch-less). A reduction in the
tensile strain of about 35–70% can be witnessed in specimens with geosynthetics
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Fig. 8.7 Tensile strain contours at failure a Notch-less; b 25 mm notched; and c 40 mm notched
specimens

and this may be attributed to the ability of the geosynthetics to absorb the strain
energy responsible for crack propagation into the overlays effectively. It can also
be observed that the tensile strains in the 40 and 25 mm notch depth specimens are
consistently higher than the notch-less specimens, irrespective of the geosynthetics
type. This may be due to the presence of an initial crack in the specimens with 25
and 40 mm notch depth, which propagates into the overlay with a less number of
load repetitions. Whereas, in the case of notch-less specimens, the crack has to be
initiated first to propagate into the overlays.

From Fig. 8.7a, it can be visualized that in notch-less control specimens, the
crack has traversed through the interface zone and the overlay and lead to failure
at 335 load cycles. Whereas, the grid-reinforced and composite-reinforced, notch-
less specimens have resisted the crack propagation effectively till 13,116 and 16,000
load cycles, before failure. It is also interesting to note that the cracks have mostly
reached the interface zone and propagated laterally along the in-plane direction of
geosynthetics at failure. The cracks in the horizontal direction are prominent in
composite-reinforced specimens (Figs. 8.4 and 8.7), as there are no apertures in
composites to enhance the bonding mechanism between the old and new pavement
layers. On the other hand, the polyester grids have an 18 mm square aperture and are
also coated with a polymer modified binder on their surface to enhance the interface
bond strength of the grids. With the incorporation of geosynthetics, the fatigue per-
formance of two-layered asphalt beam specimens (notch-less) is improved by about
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Fig. 8.8 Variation of mean
crack opening with number
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47-fold and 38-fold for composite and grid-reinforced specimens, respectively. These
observations suggest that the improvement in fatigue performance depends on the
working tensile and physical properties of the geosynthetic-reinforcements.

Further, the crack openings and the maximum vertical crack growth in the spec-
imens at any instant could be determined with the help of detailed image analysis.
The crack opening can be estimated with the help of a crack opening displacement
(COD) tool. In the current study, the COD tool was employed to estimate the mean
crack opening in the specimens, effectively. The variation of mean crack openings,
as a function of number of cycles, for notch-less condition, is presented in Fig. 8.8.
An increase in the mean crack opening with an increase in the number of load cycles
can be noticed. It can also be visualized that a crack opening as high as 0.74 mm is
witnessed in notch-less control specimen at failure (N � 335). Whereas, the grid-
reinforced and composite-reinforced notch-less specimens have a crack opening of
0.47 mm and 0.52 mm at 13,116 and 16,000 cycles, respectively. This reduction
in the crack opening suggests that the presence of geosynthetics have restricted the
crack growth by absorbing the tensile stress responsible for crack propagation.

The maximum vertical crack growth was estimated based on the color bands
obtained postprocessing of DIC images. The vertical crack growth for all the spec-
imens at different load cycles was determined and the variation of maximum crack
growth, as a function of number of load cycles, for notch-less condition, is plotted
(Fig. 8.9). It can be observed that the presence of geosynthetics have restricted the
crack propagation in the vertical direction, until the geosynthetics were effective. The
vertical crack growth as high as 71 mmwas witnessed in the notch-less control spec-
imens, at failure (N � 335). Whereas, the grid-reinforced and composite-reinforced
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Fig. 8.9 Variation of
vertical crack growth with
number of cycles-Notch-less
specimens

10 100 1000 10000 100000
Number of cycles

5

10

15

20

25

30

35

40

45

50

55

60

65

70

75

V
er

tic
al

 c
ra

ck
 g

ro
w

th
 (m

m
)

CS
PET
GGC

notch-less specimens showed a vertical crack growth of 55mm and 60mm at 13,116,
and 16,000 cycles, respectively, before failure.

Table 8.3 presents the summary of crack growth in all the specimens obtained from
DIC analysis. The mean crack opening (CO) and maximum vertical crack growth
(CG) are highest for control specimens, irrespective of notch depths. This observation
suggests that the geosynthetics incorporated at the interface of old and new pavement
layers absorb the strain energy from the crack tip and restrict the crack growth into
the overlays effectively. It is to be noted that the mean crack openings and maximum
vertical crack growths reported for the 25 and 40 mm notch specimens are the total
crack openings and depths, inclusive of their initial notch widths and depths. The
crack widths and crack heights are presented with respect to vertical deformations
in specimens. At a given vertical deformation value, the load cycles sustained by
composite-reinforced specimens are higher, followed by grid-reinforced specimens,
and finally control specimens, irrespective of the notch depths.

8.4.2 Discussion of Service Life of Asphalt Overlays

Researchers, Caltabiano [31] and Khodaii et al. [32], have initially attempted to pre-
dict the service life of asphalt overlays corresponding to the crack growth information
obtained from the beam fatigue test results. The models developed were complex
and required a number of input parameters to estimate the service life of the overlays
successfully. In addition, these models failed to predict the service life of asphalt
overlays based on the results obtained from independent test data. Recently, Saride
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Table 8.3 Summary of crack growth- DIC analysis

Specimens VD � 4 mm VD � 8 mm Failure

CO
(mm)

CG
(mm)

CO
(mm)

CG
(mm)

CO
(mm)

CG
(mm)

Notch-
less

CS 0.09 30.2 0.42 59 0.75 70.9

PET 0.10 23 0.28 46 0.48 54.5

GGC 0.10 24.1 0.39 50 0.52 59.2

25 mm
notch

CS 13 60 16 73 18 80

PET 10.8 50.4 13.4 60.2 15 65

GGC 10.3 43 13 62.8 14.8 70

40 mm
notch

CS 15 68 19 78 24.5 85

PET 11.4 52 16.1 70 19 75

GGC 10.5 45 15.3 67 18.6 78

and Kumar [19] have developed a simple correlation model to estimate the service
life of geosynthetic-reinforced asphalt overlays based on the beam fatigue test and
the digital image analysis program. Themodel developed suggest to conduct a simple
beam fatigue test on asphalt specimens to obtain the normalized complex modulus
× cycles (NCM) and the corresponding number of cycles to predict their service life.
In addition, the model has been successful in estimating the service life of overlays
from independent test data and hence, validating the proposed model.

From Table 8.3, it can be observed that all the control specimens, irrespective of
notch depth have been completely cracked. Whereas, in the case of geosynthetic-
reinforced specimens, the full-depth cracks have not been witnessed and the service
life would be estimated corresponding to the maximum crack growth. In this regard,
the service life of control specimens for a full-depth cracking condition and the
geosynthetic-reinforced specimens for a half-depth cracking condition could be pre-
dicted with the help of beam fatigue test results and the corresponding digital image
analysis. Saride andKumar [19] have estimated a service life of 0.26million standard
axles (msa) for control specimens with 40 mm notch depth at full-depth crack condi-
tions. In addition, the predicted service life of PET and GGC specimens with 40 mm
notch depth and half-depth crack conditions as 1.56 msa and 2.18 msa, respectively,
which is 6 and 8.5-fold higher service life than the control sections.

Overall, it can be summarized that, with the introduction of geosynthetics between
the old and new pavement layers, the performance of asphalt overlays has been
improved invariably, by restricting the crack propagation into the overlays. However,
the rate of performance improvement depends upon the working mechanical and
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tensile properties of the adopted geosynthetics type. The presence of geosynthetics
not only improve the performance life of overlays but also accelerates the possibility
of delamination between the pavement layers.

8.5 Conclusions

A field scenario of HMA overlays with and without geosynthetics placed over an
old pavement layer was considered, so that the reflection crack phenomenon could
be studied by using the BFT and digital image analysis program. Based on the BFT
results and the corresponding digital image analyses, the following conclusions can
be drawn from the study:

The grid and composite reinforcements have improved the fatigue lives of two-
layered asphalt beam specimens, against the reflection cracks, irrespective of the
notch depth. An improvement in fatigue life of about 47-fold and 38-fold is achieved
for notch-less composite and grid-reinforced specimens, respectively with reference
to the control specimens. Similarly, an improvement of 45-fold (GGC) and 15-fold
(PET) were achieved for specimens with 25 mm notch depth, at failure. In addition,
the improvement in fatigue life of 40 mm notched specimens are about 120-fold
(GGC) and 54-fold (PET), with respect to control specimens, at failure.

The DIC technique has been effective in detecting the crack evolution and its
patterns; this information helps in understanding and assessing the reflection crack
phenomenon in two-layer asphalt specimens. The digital image analysis suggested
that the tensile strains at the crack tip were very high in CS compared to the grid
and composite-reinforced specimens, irrespective of the notch depths. An average
reduction in tensile strain of about 35–70% was noticed in grid and composite-
reinforced specimens against the control specimens.

Geosynthetic-reinforcements absorb the mobilized tensile stresses and restrict the
crack growth in terms of both width and height. A mean crack opening as high as
0.74 mmwas observed in CS, at failure (N� 335), whereas, a mean crack opening of
0.52 mm and 0.47 mm were observed in GGC (N � 16,000) and PET (N � 13,116)
specimens, respectively, at failure. Similarly, a maximum vertical crack growth as
high as 70.89 mm was observed in the CS against a crack growth of 60 mm, and
55 mm in composite and grid-reinforced specimens, respectively, at failure.

The beam fatigue test results (NCM and N) and the corresponding crack growth
information from digital image analysis could be adopted together to predict the
service life of asphalt overlays, corresponding to full-depth or half-depth cracking
conditions.

Overall, the improvement in fatigue life of geosynthetic-reinforced HMA over-
lays, against reflection cracks, depend upon the type of geosynthetics, their working
mechanical and tensile properties, which can be quantified with DIC technique.
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Chapter 9
Centrifuge Model Studies
on the Performance
of Geosynthetic-Reinforced Soil
Structures

B. V. S. Viswanadham

9.1 Introduction

The method of soil reinforcement dates back to antiquity, as many ancient historic
structures were observed to incorporate layers of natural tensile elements for rein-
forcing the soil mass. Presently, with the advent of geosynthetic materials composed
of strong and durable polymers, reinforcement of soil has become a viable and cost-
effective technology. Under the impact of external loading, strains in the soil mass
induce strainswithin the geosynthetic layers and generate tensile loads, which restrict
soil movements and control possible deformations. As a result, the reinforced soil
system possesses significantly greater shear strength and stability than the soil mass
alone.

9.1.1 Geosynthetic Types

Geosynthetics are capable of performing multiple functions like filtration, drainage,
reinforcement, separation and containment, and can be broadly subdivided into seven
categories, viz. geotextiles, geogrids, geonets, geomembranes, geosynthetic clay lin-
ers, geopipes and geofoams. Geotextiles perform one of the following discrete func-
tions among filtration, separation, reinforcement and drainage, whereas geogrids
perform exclusively as reinforcing materials. Geonets are employed to convey liq-
uids of all types, while geomembranes are used primarily as linings and covers for
liquid and solid storage facilities. Geosynthetic clay liners, on the other hand , are a
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combination of woven/nonwoven geotextiles and natural soil materials, and function
primarily as containment systems. Geopipes focus entirely on providing drainage
function, whereas, geofoam is effective in minimizing settlement on underground
utilities, reducing earth pressure behind retaining walls and for slope stabilization
purposes.

A special variety of geosynthetic is hybrid geosynthetics or geocomposites, which
are capable of serving two or more functions simultaneously. They are manufactured
or assembled materials having at least one geosynthetic product among the compo-
nents, and are fabricated by combining the best features of different materials in such
a way that specific applications are addressed optimally and at minimum cost [10].

9.1.2 Geosynthetic-Reinforced Soil Structures

Construction of geosynthetic-reinforced soil structures are now well established
in conventional applications, and their uses in non-conventional projects are fast
expanding. A widely employed application of geosynthetics and allied products
involve construction of retaining walls, as they bring about significant savings of
time and cost. There have been several surveys regarding the cost of various types
of soil walls over the years, the most recent one being conducted by the Geosyn-
thetic Institute [9]. Based on area of wall facing, it was seen that MSE walls with
geosynthetic reinforcement are the least expensive of all the wall types, whereas,
the classical gravity wall is more than twice as expensive as any other wall type.
This may be attributed to the fact that, use of geosynthetics within the soil walls
facilitates the use of locally available fill material, and low material and installa-
tion costs, thereby saving typically up to almost 50%, as compared to conventional
cast-in situ concrete retaining walls. They also allow a variety of facing options like
treated timbers, wraparound and vegetated facings, gabions, precast concrete panels,
wire baskets, natural stones and so on, to provide superior aesthetics compared to
conventional concrete walls.

In addition to the above, a few typical applications of geosynthetic-reinforced soil
structures include highway embankments, airport runway embankments, contain-
ment dykes, flood control levees, earth dams, berms, mine reclamations, municipal
solid waste landfills, segmental retaining walls, bridge abutments, coastal protection
walls, unpaved temporary haul roads, paved roads over soft soils, foundation support,
industrial access roads, control of subsidence over pipes and subsurface structures,
secondary reinforcement for soil retaining structures and so on [10, 17]. Selected
applications from the above are outlined briefly in Fig. 9.1.
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(a) Construction of vertical walls

(c) Slip prevention and remedial measures (d) Embankment construction on soft soil

(b) Steep slope stabilization

Fig. 9.1 Applications of geosynthetic-reinforced soil structures (modified after Jewell [8])

9.2 Modelling Considerations of Geosynthetics
in a Geocentrifuge

Physical modelling of geotechnical engineering problems can be executed at full-
scale level or as a reduced scale model to replicate various field situations. However,
a limitation of small-scale laboratory models under normal gravity is that the stress
levels are much smaller than in prototype structures. Only full-scale physical models
can include all these complexities, but they are expensive and time-consuming, and
difficult to replicate with natural hazards like flooding, drawdown, seepage and rain-
fall. In such situations, geotechnical centrifuge modelling can be used as an effective
tool to replicate identical stress–strain response in the model as that of the prototype,
and to study the behaviour of engineered earth structures in a controlled environment
by deriving standard scaling laws linking the model behaviour to that of the corre-
sponding prototype. However, a challenging aspect of modelling geosynthetics in a
geocentrifuge is that the similitude condition does not allow identical geosynthetic
materials to be incorporated in the prototype and model tested. The idealized scaling
considerations involved in this regard from hydraulic and mechanical point of view
are discussed in subsequent sections.



160 B. V. S. Viswanadham

9.2.1 Hydraulic Scaling Considerations: Geotextiles

The hydraulic scaling considerations of nonwoven geotextile is governed by the
transmissivity (θ ), defined as the product of geotextile thickness (tg) and the in-plane
hydraulic conductivity of geotextile (kg), as represented in Eq. (9.1) as

θ � kgtg, (9.1)

where θ is the transmissivity (m2/s), kg is the coefficient of permeability in the plane of
geosynthetic layer (m/s). As per the findings of Raisinghani and Viswanadham [11],
for achieving similarity of in-plane flow characteristics in the model and prototype
geosynthetics, the transmissivity should be identical in either case, as depicted by
Eq. (9.2) as:

θm � θp, (9.2)

where the subscripts m and p have been used to denote the centrifuge model and
prototype respectively. Similarly, the scale factor for in-plane permeability coefficient
of model geotextile can be evaluated as represented in Eq. (9.3):
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Based on Eq. (9.3), it can be inferred that the in-plane permeability coefficient
of model hybrid geosynthetic subjected to centrifuge testing is N times higher than
the in-plane permeability for corresponding prototype geosynthetic. The discharge
(q) is defined as q = V/t, where V is the volume in (m3) and t the time in (s), thereby
giving the scale factor for time as presented in Eq. (9.4):
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Further, cross-plane flow characteristics of geotextiles are evaluated based on
permittivity (ψ), defined as the ratio of cross-plane permeability of geosynthetic (kn)
to its thickness(tg) as presented in Eq. (9.5):

ψ � kn
tg

(9.5)

As per the findings of Rajabian et al. [12], for similarity of cross-plane flow char-
acteristics in model and prototype geosynthetics, the geotextile permittivity should
be identical for both cases, as depicted by Eq. (9.6) as
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ψm � ψp (9.6)

9.2.2 Mechanical Scaling Considerations: Geogrids

Modelling of reinforcing geogrid component in a geocentrifuge is done based on
scaling of the tensile load–strain behaviour and frictional bond behaviour, by adopt-
ing similar approach as Viswanadham and König [21], Viswanadham and Jessberger
[20], Viswanadham and Rajesh [23] and Balakrishnan and Viswanadham [1]. Ide-
alized characteristics of the parent geogrid material to be scaled down by a factor
N are shown in Fig. 9.2, where the notation a denotes the grid opening size, b indi-
cates the width of the ribs and suffixes l and t denote the longitudinal and trans-
verse direction respectively. In order to replicate geometric similitude condition, the
parameters a and b are scaled in transverse and longitudinal directions as presented
in Eqs. (9.7a)–(9.7b)

[at ]m
[at ]p

� [bl ]m
[bl ]p
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[tl]p
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N
(9.7a)

[al ]m
[al ]p

� [bt ]m
[bt ]p

� [tt ]m
[tt ]p

� 1

N
, (9.7b)

Fig. 9.2 Geometric characteristics of geogrid (after Balakrishnan and Viswanadham [1])
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Fig. 9.3 Idealized tensile strength–strain behaviour of geogrid reinforcement

where tl and tp denote the average thickness. In addition, to prevent the possibility
of losing contact between soil-geogrid interface, identical percentage open areas
(f ) should be ensured for the model and prototype geogrids, as presented in Eqs.
(9.8a)–(9.8b) respectively

fm � f p (9.8a)

f � alat
(al + bl)(at + bt )

(9.8b)

Figure 9.3 depicts the idealized tensile strength–strain behaviour of model rein-
forcement layers replicating the corresponding behaviour of prototype reinforcement
layers. As can observed from the Fig. 9.3, for similar material composition prevail-
ing in the model and prototype, the tensile strength–strain behaviour of geogrid
reinforcement is modelled using Eqs. (9.9) and (9.10) as follows:

(
Tgu

)
m � (

Tgu
)
p/N (9.9)

(εgu)m � (εgu)p, (9.10)

wherein Tg,u is the ultimate tensile strength (defined as load per unit width) of rein-
forcement and εg,u denotes the ultimate strain in the reinforcement layer. In a similar
manner, by using the validity of Tg� Jg εg, the secant stiffness Jg of the model
geogrid is scaled by 1/N times as presented in Eq. (9.11)

(
Jg

)
m � (

Jg
)
p/N (9.11)
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The second similarity requirement is the frictional bond simulation between soil
and geogrid, which is accomplished by using Eq. (9.12), where δ denotes the soil-
reinforcement interface friction angle.

δm � δp (9.12)

This implies that the tensile load and secant stiffness of selected model geogrid
will be scaled by 1/N times compared to of that of commercially available proto-
types. Such reduced tensile load and stiffness requirements can only be achieved by
considerably reducing rib dimensions and thickness at rib junctions. In addition, the
percentage open area f shall have to be identical in model and prototype geogrids
for ensuring perfect soil-geogrid interaction (Fig. 9.2) and maintenance of identical
frictional bond area. In this context, the percentage open area, f is defined as the ratio
of area formed by grid opening sizes to area formed by grid opening sizes measured
up to centre of width of ribs.

fm � f p where f �
(

alat
(al + bl)(at + bt )

)
(9.13)

The tensile load Tg and secant stiffness Jg of the model reinforcement material
were scaled down to 1/N times that of the prototype material for a geogrid-reinforced
wall model, maintaining the (φsg)m � (φsg)p and f m � f p, where N is the scale factor
or g-level, φsg the soil-geogrid interface friction angle and the subscripts m and p
represent model and prototype, respectively. Further, the ratio of soil particle size
of backfill soil to geogrid opening size affects the soil-geogrid interaction. Spring-
man et al. [18] suggested that st/d � 5, where st is the spacing between transverse
ribs (shown in Fig. 9.1) and d is the particle size. Izawa and Kuwano [7] suggested
st/d50 � 10where d50 is the average particle size. Izawa andKuwano [7] had reported
that it is not necessary to achieve similitude of geometric characteristics, if appro-
priate mechanical properties (i.e., tensile stiffness and soil-reinforcement interac-
tion) are achieved. Springman et al. [18], Viswanadham and Jessberger [20], Izawa
and Kuwano [7] and Rajesh and Viswanadham [15] had adopted polymeric mesh
type materials representing bandwidth of characteristics of commercially available
geogrids. Izawa andKuwano [7] usedmuster geogrids made out of pre-punched Poly
Vinyl Chloride and Polycarbonate sheets.

9.2.3 Hydro-mechanical Scaling Considerations: Hybrid
Geosynthetics

Hybrid geosynthetics or geocomposites are assembled materials developed by inte-
grating the reinforcement action of geogrids with the drainage function of nonwoven
geotextiles to avert possible slope instability underwater infiltration [3, 11, 19]. The
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model hybrid geosynthetic material to be incorporated in a geocentrifuge should thus
be developed to serve the dual functions of reinforcement and drainage, and needs
to be scaled appropriately to satisfy the reinforcement function of parent geogrid, as
well as drainage aspects of parent geotextile discussed in previous sections. Detailed
scaling considerations of hybrid geosynthetics in a geotechnical centrifuge are out-
lined in Bhattacherjee and Viswanadham [4].

9.2.4 Mechanical Scaling Considerations: Geomembranes

The important aspects of scaling down commercially available geomembranes
for centrifuge study include simulation of tensile load–strain behaviour, soil-
geomembrane interface characteristics and thickness of model geomembrane
material.

If tg is the thickness and lg is the length of geomembrane, then the scaling laws for
length and thickness of geomembrane are represented as in Eq. (9.14), where suffix
“g” stands for prototype geomembrane and “mg” for model geomembrane.

(
tg

)
/
(
tmg

) � (
lg

)
/
(
lmg

) � N (9.14)

Further, if Eg is the modulus of elasticity of the geomembrane material and σ g is
the tensile stress, the geomembrane strain can be obtained using Eq. (9.15):

εg � σg/Eg (9.15)

Assuming that tensile strains in the geomembrane with identical material char-
acteristics in model and prototype are identical, i.e. (εg � εmg and Eg � Emg), the
stresses in model and prototype geomembranes are also equal, implying σ g � σmg

[Eq. (9.14)]. In addition, if the tensile stiffness of the geomembrane is represented
by J = Et, and Tmg is the tensile load in a model geomembrane in geocentrifuge,
then as reported by Divya et al. [6], the relevant scaling laws are represented by
Eqs. (9.16a)–(9.16b) respectively

(
Jg

)
/
(
Jmg

) � (
Egtg

)
/
(
Emgtmg

) � N (9.16a)

(
Tg

)
/
(
Tmg

) � (
εg Egtg

)
/
(
εmgEmgtmg

) � N (9.16b)

Further, a geomembrane overlying a compacted clay barrier needs to achieve
identical magnitude of subsidence as that of the clay barrier, and the associated
tension developed is resisted by the interface frictional strength between the soil
and geomembrane for preventing pull-out. If cg is the adhesion and δg is the inter-
face friction angle at the soil-geomembrane interface, then as per identical stress
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Table 9.1 Scaling laws for
modelling geosynthetics in
geocentrifuge

Parameter Unit Prototype Ng
model

Tensile strength (Tg) kN/m 1 1/N

Strain (ε) % 1 1

Secant modulus (Jg) kN/m 1 1/N

Bond-stress (τ b) kN/m2 1 1

Percentage open area (f ) % 1 1

Soil-geosynthetic
interface angle (δ)

° 1 1

Soil-geosynthetic
interface stiffness (Ji)

kN/m2 1 N

Transmissivity (θ) m2/s 1 1

Time for in-plane flow (t) s 1 1/N2

In-plane permeability (kg) m/s 1 N

N Gravity level or scale factor; For example, γm/γ p � N; m �
model; p � prototype

considerations in model and prototype, the scaling laws can be represented by
Eqs. (9.17a)–(9.17b) respectively

δg � δmg (9.17a)

cg � cmg (9.17b)

The basic scale factors involved in modelling the hydraulic and tensile charac-
teristics of geosynthetics, along with consideration of soil-geosynthetic interaction
effects in a geocentrifuge are summarized in Table 9.1.

9.3 Centrifuge Modelling of Geogrid-Reinforced Clay
Liners

Design of a proper containment system for landfills is essential to encapsulatemunic-
ipal solidwastes, toxicwastes and low-level radioactivewastes. However, differential
settlement of liner results in tension cracking of the cover soil/clay barrier and shear
failure of barrier materials, accompanied by the formation of sinkhole-type depres-
sions. In order to mitigate the same, researchers have resorted to different methods
for averting possible differential settlements, including mixing of discrete fibres with
clay barrier [24], or placing geogrids within the clay barrier [13, 15, 16, 20]. Since
the deformation and cracking characteristics of clay barriers is highly influenced by
prototype stress conditions including thickness, material properties and overburden
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pressure, centrifuge modelling technique can be effectively employed to study the
response of unreinforced and geogrid-reinforced clay barriers subjected to various
distortion levels.

9.3.1 Model Test Package and Simulator Assembly

A Motor-based Differential Settlement Simulator (MDSS) was designed and devel-
oped by Rajesh and Viswanadham [14] to induce continuous differential settlements
on a clay barrier layer under high-gravity environment (Fig. 9.4). Centrifuge tests
were performed using a 4.5 m radius large beam geotechnical centrifuge facility
available at Indian Institute of Technology Bombay. The tests were conducted at
1 mm/min using the MDSS system at 40g on clay barriers of two different thick-
nesses of 0.6 and 1.2 m, under a nominal overburden pressure of 12.5 kN/m2 and at
a higher pressure of 25 kN/m2, close to the closure system of low-level radioactive
waste disposal. The model unreinforced clay barrier layer of required thickness (d)
was prepared by mixing kaolin and sand in the ratio of 4:1, moist-compacted at a
moulding water content of OMC +5% at a dry unit weight of 14.2 kN/m3. In the case
of geogrid-reinforced clay barrier, model geogrid was placed at a distance of 0.25d
from the top surface of clay barrier. Upon completion of model, a seating pressure
of 5 kN/m2 (static load of 1.4 kN) was applied uniformly for about 5 h on clay
barrier in order to achieve proper contact between soil and the geogrid layer. Iden-
tical seating pressure was also applied to unreinforced clay barriers. Further details
related to material properties, model preparation and testing procedure are discussed
elaborately in Rajesh and Viswanadham [13].

9.3.2 Instrumentation

Five numbers of PorePressureTransducer (PPTs) of typePDCR81were placed above
the clay barrier surface to monitor water levels and to determine water breakthrough
characteristics as an indicative of water infiltration through the clay barrier system.
In addition, six numbers of Linear Variable Differential Transformers (LVDTs) were
placed to monitor the deformation of the clay barrier with and without geogrid layer
in terms of induced central settlement (a) and the settlement rate.

9.3.3 Results and Discussion

The influence of geogrid reinforcement on the deformation behaviour of clay barriers
subjected to differential settlements was evaluated by Rajesh and Viswanadham [13]
in terms of water breakthrough characteristics, strain distribution and crack width
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Fig. 9.4 Components of MDSS system (after Rajesh and Viswanadham [14])

measurements. The deformation profiles of the top surface of the clay barrier as well
as geogrid layer for a typical centrifugemodel test is shown in Fig. 9.5 corresponding
to various stages of central settlements, as measured from LVDT data and by image
analysis of discrete markers. It can be observed from Fig. 9.5 that both geogrid layer
and the clay barrier experienced identical deformation profiles at various stages of
central settlements, indicating good compatibility between soil and geogrid at the
onset of differential settlements. The deformation profiles were subsequently used
to determine strain along the top-most surface of the clay barrier and to observe the
phenomena of crack formation, by following the procedure outlined inViswanadham
and Rajesh [23].

It was observed that the 1.2 m thick unreinforced clay barrier at a nominal over-
burden of 12.5 kN/m2 experienced multiple cracks extending up to the full depth,
as indicated in Fig. 9.6a, accompanied by a catastrophic water breakthrough at a
settlement ratio of 0.42 and distortion of 0.052. In contrary, the 1.2 m thick geogrid-
reinforced clay barrier subjected to 12.5 kN/m2 overburden was reported to experi-
ence narrow cracks extending only up to the geogrid level, even at a distortion level
of 0.125 as indicated in Fig. 9.6b. Similar findings indicating superior performance
of geogrid layer in terms of restraining cracks and water breakthrough characteris-
tics were reported for a 0.6 m thick clay barrier, and upon increasing the overburden
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Fig. 9.5 Variation of measured deformation profiles with horizontal distance from the centre of
clay barrier (after Rajesh and Viswanadham [13])

(a) Unreinforced clay liner   (b) Geogrid reinforced clay barrier

Fig. 9.6 Status of 1.2 m thick unreinforced and geogrid reinforced clay barriers with nominal
overburden at the zone of maximum curvature (after Rajesh and Viswanadham [13])

pressure to 25 kN/m2. The above results highlight the significance of geogrid layers
inmaintaining the integrity of clay barrier of cover systems at the onset of differential
settlements.
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Further, as reported by Rajesh and Viswanadham [15], increase in the thickness
of soil barrier resulted in the enhanced ability withstand higher distortion levels
for both unreinforced and geogrid-reinforced soil barriers. Substantially improved
characteristics of the soil barrier was also observed upon increasing the strength and
stiffness of the geogrid, and it was mentioned that the thickness of soil barrier can
be reduced from 1.2 to 0.6 m by adopting suitable tensile load–strain characteristics
of geogrid reinforcement.

9.4 Centrifuge Modelling of Geogrid-Reinforced Retaining
Walls with Marginal Backfill

Mechanically stabilized earth (MSE) walls reinforced by geogrids and geotextiles
have seen a tremendous growth over the past 30 years. However, along with this
growth numerous cases of failures have been reported in the field dealing with exces-
sive deformation and, in some cases, actual collapse of retaining walls. The primary
cause of failure in reinforced soil walls (especially those constructed with on-site
marginal backfill) may be attributed to the absence of properly designed drainage
system at the back and bottom of the reinforced soil zone. Drawing parallels to the
above, centrifuge-based physical model tests were conducted by Viswanadham et al.
[25] to ascertain the deformation characteristics of geogrid-reinforced soil retaining
walls with precast panel facing andmarginal backfill subjected to seepage conditions
arising out of increasing groundwater conditions. Further, the effect of chimney sand
drain in improving the performance of geogrid-reinforced soil walls was also inves-
tigated through centrifuge model tests.

9.4.1 Model Test Package and Simulator Assembly

Appropriate choice of facing element is one of the main criteria of any geogrid-
reinforced soil wall system, which can lead to significant reduction in wall deforma-
tion and loads transferred to reinforcement layers [2]. In this case, precast concrete
panel was selected as the facing type in view of the fact that full-height concrete
facing and precast concrete panels are frequently adopted in the field, and ensure
more rigidity in comparison with other facing types. In addition to scaling consider-
ation for flexural rigidity, lightweight, low water absorption as well as high stiffness
should be considered for modelling the facing panel in a geotechnical centrifuge.
Accordingly, three layers of 3 mm thick marine plywood sheets were joined together
using a special wood glue to make the facing panel shown in Fig. 9.7, as marine
plywood was found to be the best-suited for these requirements. In addition, a spe-
cial geogrid-facing anchorage system was custom-fabricated and adopted in the wall
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Fig. 9.7 Facing panel
details curvature (after
Viswanadham et al. [25])

models to ensure proper load transfer between panel and geogrid and for preventing
any rupture of the geogrid part within the connection.

The centrifuge models were constructed with a blended low-permeable soil for-
mulated by combining fine sand and commercially available kaolin in the proportion
of 4:1 by dry weight to represent RE walls with marginal backfill. The soil walls
were reinforced with two geogrid types of varying tensile stiffness and were 250 mm
high (H) with a 50 mm thick base layer, tested at 40 gravity loading in a 4.5 m
radius large beam geotechnical centrifuge facility at Indian Institute of Technology
Bombay. Six layers of geogrid reinforcement of length 200 mm (0.8H) were placed
after compaction of each soil layer. In order to avert damage of geogrid-facing con-
nections, adequate care was taken while imparting compactive effort near the facing.
In addition, plastic markers made from thin transparent sheets were stuck along the
geogrid layers and facing panels (Fig. 9.8) to obtain strain along the geogrid layers
by tracing their coordinates in the images captured during experimentation. Further,
a seepage tank was placed towards left-hand side of the model container along with
a water reservoir and a solenoid valve for simulating rising groundwater condition
during centrifuge test, as illustrated in Fig. 9.8.
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Fig. 9.8 Schematic view of model adopted for centrifuge test; All dimensions are in mm (after
Viswanadham et al. [25])

9.4.2 Instrumentation

The geogrid-reinforced soil wall models were instrumented with three Linear Vari-
able Differential Transformers (LVDTs) and four miniature Pore Pressure Transduc-
ers (PPTs). LVDTs were placed at the top of wall at a distance of 0 mm (L1), 95 mm
(L2) and 200 mm (L3) from the crest of the wall, while one PPT (PPT1) was placed
within the seepage tank, and three PPTs were placed within the wall model along
the base layer at a distance of 20 mm (PPT2), 125 mm (PPT3) and 250 mm (PPT4)
from the seepage tank, as indicated in Fig. 9.8. PPT 3 was thus kept at the middle
portion of the wall and PPT4 was placed near the toe region of the wall. The data
obtained from these two PPTs were normalized and used for comparison purposes
between models.

9.4.3 Results and Discussion

The geogrid-reinforced soil wall models were monitored for surface settlements,
pore water pressures and wall face movements at the onset of seepage at 40 g on the
basis of instrumentation data and image analysis results. Figure 9.9a and b depict
the phreatic surfaces developed within the wall models at an interval of 1 day after
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(a) ts = 1 day (b) Penultimate stage of centrifuge test

Fig. 9.9 Development of phreatic surfaces within geogrid reinforced soil walls with and without
chimney drain (after Viswanadham et al. [25])

inducing seepage and during penultimate stage of centrifuge test respectively. As can
be observed, the inclusion of chimney drain having high drainage capability resulted
in considerable dissipation of pore water pressures through the reinforced soil zone
at the wall toe, and at a section located mid-distance from the wall toe.

Figure 9.10 presents the variation of wall face movements with normalized height
(z/H) for models M1 and M2 constructed with geogrids of varying tensile stiffness.
The vertical axes indicate the location of markers at the facing along the wall height
with origin at the toe. Model M1 (with weaker geogrid) was observed to undergo a
global stability failure of a bulging type with increasing facemovements from 1.03m
to 2.84 m at the bottom portion of the wall between 11.61 days and 12.68 days of
seepage time. It was further observed that the value of zmax/H (location of maximum
facing displacement) changed from 0.233 to 0.134 at the time of failure. In contrast,
the maximum face movement was restricted to 0.06 m for Model M2 (with stiffer
geogrid), thereby indicating that marginal soil can be used as a backfill in reinforced
soil walls, provided it has geogrid layers of adequate stiffness and/or associated
chimney drains.

9.5 Centrifuge Modelling of Geotextile-Reinforced Slopes

In recent years, increasing infrastructural developments have necessitated construc-
tion of geosynthetic-reinforced soil structures, especially slopes and embankments
reinforced with geosynthetic inclusions. It is therefore imperative to understand the
behaviour of geosynthetic-reinforced slopes, both at pre-failure state and failure.
The current design methods for reinforced soil vertical walls assume a triangular
distribution of peak tensile strength in the reinforcement layers for resisting active
earth pressures in the reinforced soil zone. The same rationale is usually extended to
geosynthetic-reinforced slopes,where a linear distribution of reinforcement peak ten-
sion with height is assumed, with zero tension at the crest andmaximum peak tension
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(a) Model M1 (b) Model M2
[Geogrid GG1; Tg= 1.014 kN/m]  [Geogrid GG2; Tg= 2.08 kN/m]

Fig. 9.10 Variation of facemovements with normalizedwall height (after Viswanadham et al. [25])

at the toe of the structure. Although this assumptionmay be appropriate for the design
of vertical geosynthetic-reinforced walls, little evidence was observed for the design
of geosynthetic-reinforced slopes [26]. The following section highlights the effect of
slope inclination, vertical spacing of reinforcement layers and type of reinforcement
layer on the stability and deformation behaviour of geosynthetic-reinforced slopes
through a series of centrifuge model tests conducted by Viswanadham and Mahajan
[22] in a 4.5 m radius large beam geotechnical centrifuge facility available at Indian
Institute of Technology Bombay.

9.5.1 Model Test Package and Simulator Assembly

The test set-up is illustrated schematically in Fig. 9.11, which depicts a geotextile-
reinforced model slope of 270 mm height resting over a 30 mm thick firm foundation
layer. Themodel slopes were constructed using clean, uniformly gradedGoa sand (in
dry state) at a consistent relative density of 85%. In the reinforced zone and backfill
zone, the sand was pluviated in layers to achieve a relative density of 55% and void
ratio of 0.733. To some extent, this also represents poor densification and marginal
material characteristics of a backfill material in the field. In all the centrifuge tests
conducted, the ratio of reinforcement length to the height of the slope (LR/H) was
adopted equivalent to 0.85, as the study focused on the evaluation of internal stability
and rupture aspects of geotextile reinforcement layers. Further, for each geotextile
layer, an anchorage length equivalent to 0.22H was used. All the geotextile layers
were placed layer by layer and trimmed along their weak direction to form a flexible
facing using the wraparound technique. Lateral flaps were incorporated at the slope
face for averting sloughing of the sand during testing, and the top layer had an
additional wraparound length equivalent to 0.37H to prevent local failures. In this
case, each test involved loading a model by gradually increasing its self-weight at
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Fig. 9.11 Cross-sectional view of geotextile-reinforced slope; All dimensions are in mm (after
Viswanadham and Mahajan [22])

5 g intervals, from an initial value of 10 g up to a maximum of 75 g unless failure
occurred first.

9.5.2 Instrumentation

The model was instrumented with seven LVDTs, wherein four (L1, L2, L3 and L4)
were installed on the top surface of the reinforced slope on 100 mm centres from the
crest of the slope, and three (L5, L6 and L7) were oriented horizontally and placed
against the slope face to measure lateral displacements of the slope face (Fig. 9.11).
Figure 9.12 shows a perspective view of a model geotextile-reinforced slope before
performing centrifuge test.

9.5.3 Results and Discussion

Based on the tracked coordinates ofmarker positions, displacement vectors and strain
distributions were calculated along the reinforcement layers for each g-level. In order
to compute the strain between any two adjacentmarkers at Ng, relative positionswere
always comparedwith respect to position of themarker at 1 g. Figure 9.13a–d present
the strain distribution obtained for reinforcement layers 3, 5, 7 and 9 (top-most layer)
of a typical model MRS7 having a slope inclination of 2 V:1H, and constructed with
nine layers of model geotextile fabrics. The curves have been plotted at 10 g, 15 g,
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Fig. 9.12 Perspective view of geotextile-reinforced slope (after Viswanadham and Mahajan [22])

20 g, 25 g, 30 g, 35 g and at failure of the centrifuge test, respectively. As can
be observed, reinforcement strain increases with increasing g-level, and from toe
to crest of the slope, a shift in the location of the formation of peak strain can be
observed. For reinforcement layer 3, a peak was observed to occur at 35 g along
the reinforcement layer at x/H � 0.185 (where x is the distance from slope face),
whereas, for reinforcement layers 5, 7 and 9, it was observed at 0.259, 0.26 and
0.27, respectively. Further, at 35 g, reinforcement layers 5, 7 and 9 were observed
to experience strains greater than the ultimate strain of the model fabric, indicating
rupture of layers.

On the basis of series of centrifuge tests conducted byViswanadham andMahajan
[22], it was concluded that for a geotextile-reinforced slope tested in centrifuge,
maximum peak strain in the reinforcement layers would occur at 0.44–0.55 times
the slope height as measured vertically from the toe. For the same reinforcement type
and layout, increase in slope inclination resulted in higher magnitude of peak strains
at failure. The location of maximum peak strain was found to be within the bottom
half of the slope, whereas for a slope with 2V:1H slope inclination, the maximum
peak strain was observed to occur within the top half of the slope. This implies that
distribution of reinforcement forces with depth is different from the conventional
triangular distribution of reinforcement tension with a maximum tension at the toe of
the slope. It was also observed that reinforcement tension distribution was a function
of slope inclination in a reinforced slope. In addition, the formation of a kink in
reinforcement layers at about mid-height for all the models tested indicated that
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(a) Layer 3 (b) Layer 5

(c) Layer 7 (d) Layer 9

Fig. 9.13 Variation of strain with distance from slope face in a typical geotextile-reinforced slope
(after Viswanadham and Mahajan [22])

failure was initiated at mid-height of the slopes. It was further deduced that the
location of the failure surface and that of maximum peak strain were unaffected by
the reinforcement type or slope inclination.

9.6 Centrifuge Modelling of Hybrid
Geosynthetic-Reinforced Slopes Subjected to Rainfall

Recently, innumerable cases of landslides and slope failures induced by heavy rain-
fall were reported globally, coincident with global warming and associated climatic
changes. The instability arises due to the inefficiency of the soil to dissipate the
excess pore water pressure generated within the soil structures during the rainfall
event. In this regard, structural mitigation measures through the incorporation of
geosynthetics are widely adopted in the field to prevent rain-triggered landslides and
damages to human life and property. The following segment highlights the possi-
ble inclusion of a special type of geosynthetic material, referred herein as hybrid
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geosynthetic (which possess both reinforcement and drainage capabilities) within a
typical low-permeable soil slope, to enhance its performance and stability aspects
under various rainfall intensities.

9.6.1 Model Test Package and Simulator Assembly

Fine sand and commercially available kaolin in the ratio of 4:1 by dry weight were
blended for formulating the model soil, which represented the geotechnical proper-
ties of locally available low-permeable soils found in major portions of India. Cen-
trifuge model tests were performed at 30 g on unreinforced and hybrid geosynthetic-
reinforced slopes of 240 mm height and 2V: 1H inclination subjected to a heavy
rainfall intensity of 14.4 m/day (20 mm/h) triggered in a 4.5 m radius large beam
geotechnical centrifuge facility available at Indian Institute of Technology, Bom-
bay, India. The model hybrid geosynthetic material was developed by integrating
drainage function of permeable nonwoven geotextile (N1) with reinforcement of
woven geogrid (G1), so as to depict the characteristics of commercially available
prototype hybrid geosynthetic materials. A robust rainfall simulating system was
designed and developed for inducing rainfall at high gravities, by considering the
relevant scaling laws related to modelling of rainfall in centrifuge, as outlined in
Bhattacherjee and Viswanadham [5].

The simulator (shown in Fig. 9.14) replicates rainfall in the form of fine mist at
high gravities using specially designed air-atomizing nozzles. The lower and upper
limits of rainfall intensities can be varied from 2 to 80 mm/h in this case, which
are the maximum and minimum recorded intensity till date globally. Further, special
measures were incorporated in the design to nullify the effects produced by Coriolis
force on droplet trajectory at high gravities, details of which are outlined in Bhat-
tacherjee and Viswanadham [5]. A seepage tank with perforations was placed on
the right-hand end of the model container (Fig. 9.14) to induce initial groundwater
table within the soil slopes up to the base prior to rainwater infiltration, and a run-off
collector was placed on the swing basket of centrifuge to collect the excess water
during tests.

9.6.2 Instrumentation

Four pore pressure transducers (PPTs) were placed above the base layer at distances
of 20 mm (PPT4), 125 mm (PPT3), 250 mm (PPT2) and 350 mm (PPT1) from the
perforated face of the seepage tank. Thus, PPT2 was kept at a point vertically below
the crest of the slope, PPT3 was at a point vertically below the mid-length of the
slope top surface, and PPT1 was placed almost at the toe of the slope. The model was
further instrumentedwith threeLinearlyVariableDifferential Transformers (LVDTs)
placed at the top of the slope at a distance of 50 mm (L1), 155 mm (L2) and 240 mm
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Fig. 9.14 View of model test package with rainfall simulator mounted on the swing basket of
centrifuge (after Bhattacherjee and Viswanadham [5])

(L3) from the edge of the seepage tank for measuring surface settlements induced
by rainfall.

9.6.3 Results and Discussion

Figure 9.15 presents the variation of normalized pore pressure (utoe/γh) with rainfall
as measured by PPT 1 placed near the slope toe. As evident from Fig. 9.15, the
unreinforced slopes registered high values of u/γh due to rapid loss of matric suction
and subsequent build-up of excess positive pore water pressures induced by rainfall,
thereby necessitating suitable drainage measures within the slope. Further, the u/γh
values reduced by 47% on an average with the inclusion of dual-function geocom-
posites within the slope, thereby highlighting the importance of drainage function
provided by nonwoven geotextile component of hybrid geosynthetics in maintaining
slope stability under rainfall.

Figure 9.16a, b present the variation of surface settlements with horizontal
distance from the slope crest with the progress of rainfall, till failure/penultimate
stage of test. The above was computed by tracking the top row of plastic markers
in conjunction with LVDT data captured during centrifuge tests. As evident from
Fig. 9.16a, the surface settlements increased with rainfall in the unreinforced slope
due to the advancement of the wetting front into the slope body, until failure
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Fig. 9.15 Variation of pore water pressure with rainfall in unreinforced and hybrid geosynthetic-
reinforced slopes (after Bhattacherjee and Viswanadham [4])

(a) Unreinforced slope (b) Hybrid geosynthetic reinforced slope

Fig. 9.16 Variation of surface settlements measured from crest of the slope with rainfall (in proto-
type dimensions) (after Bhattacherjee and Viswanadham [4])

occurred at t � 15 min (9.375 days). On the contrary, the hybrid geosynthetic
(G1N1) reinforced slope exhibited negligible deformation under the influence of
rainfall (Fig. 9.16b) with a maximum magnitude of 7.33 mm (0.22 m) at t �
37.60 min (23.5 days). The above observations hereby reinstate the effectiveness of
geogrid component in providing reinforcement effects under rainfall, and mitigating
settlements in low-permeability soil slopes.

The gradual movement of slope face with the progress of rainfall was obtained by
tracking the coordinates of inclined markers in the unreinforced slope, and that of
plasticmarkers stuck to geocomposite layers towards the slope face for the reinforced
slope. Figure 9.17a, b predicts the face displacements thus obtained through Digital
Image Analysis (DIA) technique, plotted considering the slope face to be vertical,



180 B. V. S. Viswanadham

(a) Unreinforced slope (b) Hybrid geosynthetic reinforced slope

Fig. 9.17 Displacements at the slope face during rainfall (in prototype dimensions) (after Bhat-
tacherjee and Viswanadham [4])

and coinciding with the vertical axis and origin at the toe. The increasing trend of
u/γh values [for PPT 4 placed at 350 mm distance (in model dimensions) from the
slope toe] in Fig. 9.17a, b are further indicative of the slope movements experienced
with the progress of rainfall. As evident from Fig. 9.17a, the unreinforced slope
model recorded a sudden displacement at the toe from an initial value of 0.15 m at t
� 3.75 days to 1.20 m in prototype dimensions at the time of failure (t� 9.375 days).
This may be attributed to pore water pressure build-up within the slope during rain-
fall, generating positive seepage forces. On the contrary, the hybrid geosynthetic-
reinforced slope depicted negligible lateral movements along the slope face dur-
ing rainfall, with a maximum value of 0.36 m in prototype scale (Fig. 9.17b). The
above study thus highlights the importance of coupling reinforcement and drainage
functions simultaneously within low-permeability slopes under rainfall condition. In
addition, use of hybrid geosynthetics facilitates the use of locally available on-site
soils in reinforced earth construction, thereby economizing the project and catering
to the problem of scarcity of good quality permeable granular materials in recent
times.

9.7 Summary and Conclusions

In this paper, scaling considerations required to be adopted for modelling
geosynthetic-reinforced soil structures are presented. These scaling considerations
help in selecting muster materials for simulating corresponding commercially avail-
able geosynthetics in the field. Further, this paper presents various centrifuge model
studies on geosynthetic-reinforced soil structures undertaken at IIT Bombay using
a 4.5 m radius large beam centrifuge facility. The above studies could bring out the
importance of centrifuge modelling along with digital image analyses technique the
performance of geosynthetic-reinforced soil structures before and at failure. The anal-
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ysis and interpretation of centrifuge test results have yielded valuable information for
understanding the failure mechanism of geosynthetic-reinforced soil structures. Par-
ticularly, the effect of geogrid reinforcement layer in restraining clay-based cracking,
effect of chimney drain on the performance of geogrid-reinforced soil walls subjected
to seepage, failure mechanism of geotextiles reinforced slopes at the onset of failure
and the performance of geosynthetic-reinforced slopes subjected to rainfall using
in-flight rainfall simulator could be postulated distinctly. This elucidates that the
centrifuge-based physical modelling is one of the viable options for understanding
the performance of geosynthetic-reinforced soil structures.
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Chapter 10
Soft Ground Improvement—Theoretical,
Experimental, Numerical and Field
Studies

Buddhima Indraratna , Pankaj Baral , Cholachat Rujikiatkamjorn
and Thanh Trung Nguyen

10.1 Introduction

The increasing population and associated development in metropolitan and coastal
areas necessitate ground improvement and land reclamation for future infrastructure,
especially the very soft soils which are less permeable but highly compressible [1, 2].
The low bearing capacity associated with highly compressible soil directly affects
the long-term stability of building superstructures and transport infrastructure [3].
Controlling the excessive differential settlements of these soft soils before starting
construction is therefore imperative and fortunately, there are many ground improve-
ment techniques currently available; stone columns, gravel piles, vibro-compaction,
soil–cement stabilisation, and Prefabricated Vertical Drains (PVDs) with preloading,
etc.Among these techniques, PVDs combinedwith surcharge andvacuumpreloading
is regarded as the most cost-effective and efficient method of ground improvement,
especially for highly compressible soil with an undrained shear strength of less than
5 kPa.

Another reason for using PVDs with preloading is their relatively low cost and
easy installation; this is a great advantage because PVDs can reduce the preloading
period by almost 10 times by accelerating radial consolidation due to reducing the
drainage path. Furthermore, PVDs can be installed rapidly with minimal environ-
mental implications and quarrying requirements compared to semi-rigid inclusions.

Several researchers have studied the behaviour of vertical drains and vacuum
preloading worldwide in terms of their theoretical, experimental, and numerical
development. Developing the fundamental aspects of radial consolidation theory
started with Carillo [4] and followed by Barron [5], Akagi [6], Hansbo [7–9], Onoue
[10], Zeng and Xie [11], Indraratna and Redana [12, 13] and Mohamedelhassan and
Shang [14]. Apart from these, many other researches on this topic also considered
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the types of vertical drains and effects of installation, the smear zone, design pro-
cedures with practical guidelines, natural PVDs; they also considered the effects of
biodegradation, soil de-structuration, PVDs with cyclic loading, large strain analysis
and elastic visco-plastic behaviour. These developments have been verified world-
wide using instrumented and monitored case studies.

This paper deals with those aspects of research carried out at University of Wol-
longong over the last 20 years in the area of soft ground improvement combined
with preloading (surcharge or vacuum). The theoretical, experimental and numerical
developmentwork carried out at UOW through higher education training is explained
and validated with various case studies.

10.2 Theoretical Developments of PVD and Vacuum
Consolidation

10.2.1 Vacuum Consolidation with Smear Effect

Based on the law of superposition, Mohamedelhassan and Shang [14] developed a
combined vacuum and surcharge load system using conventional 1-D consolidation
theory by Terzaghi. The mechanism shown in Fig. 10.1 indicates that the average
degree of consolidation (DOC) for combined surcharge and vacuum preloading is
given by

Uvc � 1 −
∞∑

m�0

2

M
e−M2Tvc (10.1)

Tvc � cvct/H
2, (10.2)

where

Tvc time factor corresponding to combined preloading (vacuum plus surcharge),
and

cvc coefficient of consolidation for combined preloading (vacuum plus surcharge).

The distribution of vacuum pressure in the field as discussed previously by
Indraratna et al. [15], indicates there is a reduction in the suction head along the
length of PVDs that reduces their efficiency, and while this distribution is absent in
the laboratory due to shorter length PVDs, it is very prominent in field studies. Some
studies also suggest a vacuum can quickly propagate an almost 30 m long drain, if
properly instrumented [16, 17], however, as well as drain length, the loss of vacuum
also depends on the type of PVD (filter and core properties). These researches also
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Fig. 10.1 Principal of superposition for vacuum preloading system: a combined system; b vacuum
only; and c surcharge only (After Mohamedelhassan and Shang [14])

propose a trapezoidal distribution of vacuum pressure along the length of PVD to
quantify the loss of vacuum, so based on this distribution, the average excess pore
pressure ratio (Ru � �p/u0) of a soil cylinder for radial consolidation incorporating
vacuum preloading can be formulated as

Ru �
(
1 +

p0
uo

(1 + k1)

2

)
exp

(
−8Th

μ

)
− p0

u0

(1 + k1)

2
(10.3)

and

μ � ln
(n
s

)
+

(
kh
ks

)
ln(s) − 0.75 + π z(2l − z)

kh
qw

{
1 − kh/ks − 1

(kh/ks)(n/s)2

}
, (10.4)
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where

u0 initial excess pore water pressure,
kh permeability in horizontal direction for undisturbed zone,
ks permeability in horizontal direction for smeared zone
Th time factor,
de, 2re diameter of the equivalent soil cylinder,
dw, 2rw diameter of the drain,
n de/dw
ds 2rs; is the diameter of the smear zone with constant permeability,
s ds/dw
l equivalent length of drain,
z depth,
qw drain discharge capacity,
p0 vacuum applied at the top of the drain, and
k1 vacuum distribution coefficient.

10.2.2 Overlapping Smear Zone

Installing a vertical drain with a mandrel disturbs the surrounding subsoil, but while
the permeability of this disturbed soil decreases further, compressibility increases
due to remoulding. This concept of reduced permeability by arbitrarily lowering the
coefficient of consolidation first proposed by Barron in 1948 has been improved
with a smear zone model with reduced permeability around the drain proposed by
Hansbo [8]. The very common expression for smear zone based on permeability
and geometric parameter μ is normally used in design, although laboratory evidence
demonstrates that this reduction of permeability towards the drain is gradual. Since
obtaining in situ smear parameters is very difficult, preference is given to the simple
expression for the permeability distribution obtained from many analytical solutions
(many of themare from thefirst author). Themethod of using such simple expressions
produces numerical value that also considers the geometric and permeability effect
to a single parameter of μ.

In case of overlapping, there is little chance of overlapping when the constant
permeability smear zone is comparedwith gradual changes in the permeability smear
zone. The possibility of overlapping smear zones has been investigated by Walker
and Indraratna [18] by considering the linear permeability distributions. Walker and
Indraratna [18] also proposed an expression forμ for a single non-overlapping smear
zone (see Fig. 10.2),

For s �� κ ,

μL � ln
(n
s

)
− 3

4
+

κ(s − 1)

s − κ
ln

( s

κ

)
(10.5)
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Fig. 10.2 Overlapping
smear zone (Walker and
Indraratna, [18], with kind
permission from Thomas
Telford)
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For s � κ ,

μL � ln
(n
s

)
− 3

4
+ s − 1 (10.6)

10.2.3 Large Strain Effect

A small strain model cannot accurately predict the settlement of very soft estuarine
deposits under extensive surcharge and vacuum preloading; it can only be predicted
with a large strain model. Indraratna et al. [19] proposed a model for large strain
consolidation by considering non-Darcian flow with variations of permeability and
compressibility for radial consolidation facilitated by PVDswith preloading. Darcy’s
law may not be valid for soils with low porosity under very low hydraulic gradients
and non-Darcian flow is the best way to describe the flow of pore water in this
situation. An exponential relationship between the seepage velocity and hydraulic
gradient describes the non-Darcian behaviour as postulated by Hansbo [20].

A governing equation for large-scale consolidation has been established based on
large strain coordinate system, it is given by

1

1 + ei
· ∂e

∂t
· da + vr (r) · 2r

r2e − r2
· ∂ξ

∂a
da � 0 (10.7)
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Fig. 10.3 The performance
of small and large strain
solutions with field data at
Ballina Bypass (Indraratna
et al. [19], with permission
from ASCE)
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The following relationship between the Lagrangian coordinate a and the convec-
tive coordinate ξ exists in a large strain coordinate system:

∂ξ

∂a
� 1 + e

1 + e0
, (10.8)

where e is the void ratio, e0 is the initial void ratio, r is the radius, re is the drain
influence radius, t is the time and vr(r) is the inward seepage velocity at radius r.

To solve Eq. 10.7, the settlement predicted from large strain and the small strain
analyses can be compared with the field data obtained from Ballina Bypass trial
embankment (Fig. 10.3). Note here that the results from the large strain analysis
provide more acceptable prediction at each settlement plate location compared to
the small strain solution, it is, therefore, better to use large strain under extensive
surcharge preloading.

10.2.4 Elastic Visco-Plastic Behaviour

The debate regarding whether the soil element follows Hypothesis A or B when
dealing with the elastic visco-plastic behaviour of soft soil is ongoing, however,
Hypothesis A suggests that creep occurs only after primary consolidation and during
secondary consolidation, whereasHypothesis B suggests that creep occurs during the
whole consolidation process. Moreover, according to Hypothesis A, there is no rela-
tionship between the thickness of the sample and effective stress. Several researchers
did try to investigate the viscoelastic behaviour of soft soil with theoretical and labo-
ratory evidence but the exact phenomenon is still unknown. Some researchers agree
with the Hypothesis A, some with Hypothesis B, while some agree with A and B.

Yin and Graham [21] did propose an elastic visco-plastic model (EVP) based
on the equivalent timeline concept, but this has since been successfully calibrated
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by others using laboratory and field data. This model has been further modified by
Indraratna et al. [22] using non-Darcian flow for radial consolidation and solved using
a Finite differencemethod called the Peaceman–Rachford ADI-FDM scheme, where
the matrix form for the predictor and corrector are written in MATLAB to facilitate
the computation of settlement and dissipation of excess pore water pressure. The
governing equation can be expressed as

mv

∂u

∂t
− g(u, εz) � αcβ

γ
β
w

[∣∣∣∣
∂u

∂r

∣∣∣∣
β−1{

∂2u

∂r2
+
1

r

∂u

∂r

}
+ ||∂u

∂z
|β−1 ∂2u

∂z2

]
(10.9)

&

g(u, εz) � ψ

t0V
exp

[
−(εz)

V

ψ

](
(σx − u)

σ ′
z0

) λ
ψ

(10.10)

After further simplification using the Peaceman–Rachford (P-R) scheme, the
above equations can be estimated using the following steps:

The matrix form of the predictor is

u
t+�t

2
i, j � C I + C I I u

t+�t
2

i+1, j + C I I I u
t+�t

2
i−1, j (10.11)

For each j,

⎡

⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

1 −C I I
1, j 0

−C I I I
2, j 1 −C I I

2, j

0 −C I I I
3, j 1

...
. . .

−C I I I
N−1, j , 1 −C I I

N−1, j(
−C I I I

N , j − C I I
N , j

)
1

⎤

⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

t

⎡

⎢⎢⎢⎢⎢⎢⎢⎢⎣

u1, j
u2, j
u3, j
...

uN−1, j

uN , j

⎤

⎥⎥⎥⎥⎥⎥⎥⎥⎦

t+�t
2

�

⎡

⎢⎢⎢⎢⎢⎢⎢⎢⎣

C I
1, j + C I I I

1, j u0, j,t+ �t
2

C I
2, j

C I
3, j
...

C I
N−1, j

C I
N , j

⎤

⎥⎥⎥⎥⎥⎥⎥⎥⎦

t
(10.12)

where

C I � (1 − 2�Tv)(
1 + 2�Tr + �Tr .

�r
r

)uti, j +
�Tv(

1 + 2�Tr + �Tr .
�r
r

)
(
uti, j+1 + uti, j−1

)
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+
�t(

1 + 2�Tr + �Tr .
�r
r

)
mv

g(u, εz)i, j

C I I � �Tr .
(
1 + �r

r

)
(
1 + 2�Tr + �Tr .

�r
r

)

C I I I � �Tr(
1 + 2�Tr + �Tr .

�r
r

)

The matrix form of the corrector is

ut+�t
i, j � C I + C I I ut+�t

i, j+1 + C I I I ut+�t
i, j−1 (10.13)

For each i,

⎡

⎢⎢⎢⎢⎢⎢⎢⎢⎣

1 −C I I
i,1 0

−C I I I
i,2 1 −C I I

i,2

0 −C I I I
i,3 1

...
. . .

−C I I I
i,M−1 1 −C I I

i,M−1(−C I I I
i,M − C I I

i,M

)
1

⎤

⎥⎥⎥⎥⎥⎥⎥⎥⎦

t+�t
2

⎡

⎢⎢⎢⎢⎢⎢⎢⎢⎣

ui,1
ui,2
ui,3
...

ui,M−1

ui,M

⎤

⎥⎥⎥⎥⎥⎥⎥⎥⎦

t+�t

�

⎡

⎢⎢⎢⎢⎢⎢⎢⎢⎣

C I
i,1 + C I I I

i,1 ui,0,t+�t

C I
i,2

C I
i,3
...

C I
i,M−1

C I
i,M

⎤

⎥⎥⎥⎥⎥⎥⎥⎥⎦

t+�t/2
(10.14)

where

C I �
(
1 − 2�Tr − �Tr .

�r
r

)

(1 + 2�Tv)
u
t+�t

2
i, j +

�Tr .
(
1 + �r

r

)

(1 + 2�Tv)
u
t+�t

2
i+1, j +

�Tr
(1 + 2�Tv)

u
t+�t

2
i−1, j

+
�t

mv(1 + 2�Tv)
g(u, εz)i, j

C I I � �Tv

(1 + 2�Tv)

C I I I � �Tv

(1 + 2�Tv)

This elastic visco-plasticmodel has been validated using aClass C [23] prediction
exercise from the Ballina Embankment. A Class A prediction of the Ballina predic-
tion embankment [22] took place before construction and theClass C prediction took
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place after the field data became available. The Class A Prediction is based on indus-
try standard data and a large-scale consolidometer (350 mm large specimen) which
matches the initial rate of settlement based on the staged construction (Fig. 10.4a);
ultimate settlement is predicted quite accurately (see Fig. 10.4b), although a large
error arose due to the absence of a creepmodel in ourClass A predictionmethod. The
inclusion of visco-plastic behaviour (i.e. creep) made the prediction more accurate
so it is defined as a Class C prediction. Similarly, if the excess pore water pres-
sure dissipates, these Class A predictions [19, 24, 25] cannot predict the dissipation
(Fig. 10.4c) behaviour because thesemodels do not have viscosity parameters in their
analytical form, whereas the prediction using Case D (Class C) can predict the dissi-
pation of excess pore water pressure due to the inclusion of visco-plastic behaviour.
Although excess pore water pressure cannot be predicted accurately after one year
(due to the retarded excess pore water pressure), the Case D (Class C) approach has
advantages in predicting excess PWP dissipation compared to Class A [19, 24, 25]
predictions.

10.2.5 Natural Prefabricated Drains and Clogging

Biodegradable PVDs (BPVDs) imply that drains made from naturally occurring
materials such as jute and coconut fibres have better engineering characteristics and
are also environmentally friendly due to their biodegradability. Although these novel
drains have been in use for almost 30 years [26], their practical applications are
limited due to uncertainty with regards to their performance if subjected to adverse
conditions such as soils with cellulose-degrading bacteria. The question of how a
severe biodegradation of natural fibres can affect soil consolidation has not really
been addressed properly, which is why this issue needs investigation to widen the
application of these types of drains.

Previous studies [27, 28] indicate that the discharge capacity of BPVDs is enough
to facilitate soil consolidation through laboratory and field investigations. However,
being exposed to severe degradation which can destroy the porous structure and
reduce the discharge capacity of a drain [29] and have a significant effect on the
consolidation of soil (Fig. 10.5). A theoretical revision of conventional radial con-
solidation induced by vertical drains usually assumes that drains require a constant
discharge capacity over time.

To evaluate the effect that the biodegradation ofBPVDs can have on consolidation,
Indraratna et al. [30] assume a reduced discharge capacity of drains while parameters
such as the diameter and length remain unchanged. Since a reduction in discharge
capacity of natural fibre drains has not been clarified very well, a general time-
dependent discharge capacity qw(t) is proposed, whereby the average excess pore
pressure of a unit cell using a vertical drain as written by Indraratna et al. [17] is as
follows:



192 B. Indraratna et al.

Fig. 10.4 Predictions (Class A and C) using integrated cell approach for Ballina Embankment at
NFTF (Indraratna et al. [22], with kind permission from Elsevier)

u �
∫ l
0

∫ rs
rw
us(2πr)drdz +

∫ l
0

∫ re
rs
uu(2πr)drdz

V
(10.15)

Integrating the right side with qw(t) results in:

u � γw

2kh,a

d2
e

4

(
μn,s,a + μq,a

)dε

dt
, (10.16)

where μq,a is a function of qw(t); other parameters can be found in Indraratna et al.
[30]. The general solution for Eq. (10.16) can be written as follows:
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Fig. 10.5 Influence that the serious degradation of drains has on soil consolidation

ua(t) � uoexp

(
−

∫ t

0

1

f (t)
dt

)
, (10.17)

where f (t) is a function of qw(t) which can incorporate various forms of drain degra-
dation. For example, with an exponential degradation qw(t) � qwo×e-ωt where ω is
the degradation rate, Eq. (10.17) becomes

u(t)

uo
� exp

{−8Th,p

μn,s,p
+

1

χpμn,s,pω

[
ln

(
μn,s,p

μqo,p
+ eωt

)
− ln

(
μn,s,p

μqo,p
+ 1

)]}

(10.18)

Details of this solution are presented in Indraratna et al. [30] and further devel-
opments for multi-forms of drain degradation (e.g. polynomial degradations) are
discussed in Nguyen et al. [29].

10.3 Experimental Studies

10.3.1 Laboratory and Theoretical Based Smear Zone

There are several literatures explaining the smear zone that are based on assumptions,
and testing of small-scale samples, as well as large-scale testing of soil specimens on
different clay. The diameter andmethod of a smear zone based on several researchers
are tabulated in Table 10.1.
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Table 10.1 Extent of smear zone

Extent of smear zone (rs) Permeability
aspects

Remarks Source

1.6 rm
kh
ks

� 3 Assumption based [5]

1.5−3 rm open Literature based [7]

1.5 rm
kh
ks

� 3 Assumption based [8]

2 rm
kh
kv

� 1 Back analysis for Bangkok
clay and experimental
investigation

[31]

1.6 rm
kh
ks

� 3 Based on test interpretation [32]

1.5−2 rm
kh
ks

� 3−6 Based on authors
experience

[33]

4−5rm
kh
kv

� 1.15 Based on laboratory
investigation of Sydney clay

[12]

2 − 3 rm
kh
ks

� C f

(
kh
ks

)
Based on lab and field
values variation

[34]

1.6 rm
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10.3.2 Laboratory and Theoretically Based Smear Zone

A smear zone based on field testing was first evaluated using a full-scale test embank-
ment made from soft Bangkok soil [31]. In total, 168 100 mm by 6 mm band drains
has been installed in an area covering 15 by 19 m using two different mandrels (i.e.
150 by 45 mm and 150 by 50 mm). The depth of installation is 8 m and the spacing
between the drains is 1.2m, in a square pattern. The dissipation of porewater pressure
and extensometer data are used to analyse the effect of smear for two different sets
of mandrels; this analysis indicates that the dissipation rate for the larger mandrel
is slower than the smaller mandrel; the extensometer reading also shows a higher
settlement rate with the smaller mandrel. This shows that the size of a mandrel is a
function of the smear zone, and it plays a large role in the effectiveness of ground
improvement techniques.

To further understand the smear zone from field testing, Indraratna et al. [37]
obtained tube samples taken at different radii from the PVD by the National Field
Testing Facility (NFTF), Ballina, for single and multi-drain cases; these samples are
then evaluated based on permeability and a normalised water content. The locations
where these samples had been taken in the field are shown in Fig. 10.6.
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Fig. 10.6 Sampling (a), b Single-drain case, and c multi-drain case (Indraratna et al. [37], with
kind permission from ICE)

Baral et al. [38] took a large-scale undisturbed specimen from the same location
and carried out a large-scale consolidation test with a scaled down drain and mandrel
to mimic the field conditions, and the normalised water content approach to inves-
tigate the smear zone of large-scale specimens with natural parting and seashells.
They also compared the result with single-drain and multi-drain field studies [37]
and laboratory studies using remoulded samples; the results from the large-scale
consolidometer are consistent with the single and multi-drain field studies ([37]; see
Fig. 10.7). Furthermore, the extent of the smear obtained from the remoulded sample
using Sathananthan and Indraratna [39] confirms that the r/rm (where rm is the ratio
of mandrel) ratio is half of the size of the large-scale undisturbed specimens; in fact
they estimate the diameter of the smear zone is 2.5 times larger than the diameter of
the mandrel.

10.3.3 Large-scale Consolidation with Vacuum Preloading

The corer cum consolidometer (two-in-one) shown in Fig. 10.8 was built at UOW
following Indraratna and Redana [12] and then used to investigate the consolidation
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Fig. 10.7 Determining the smear zone using the normalised water content approach (Baral et al.
[38], with kind permission from Elsevier)

of large-scale specimen under surcharge and vacuum preloading. It has three primary
parts which are described below

(a) Cylindrical corer: This 350 mm diameter by 700 mm long cylinder is manufac-
tured by rolling 5mm thick steel plate and then cutting it longitudinally into two
halves. A custommade 345mmdiameter pistonwith two 5mmdiameter O-ring
grooves can easily transfer the loads from a pneumatic air pressure chamber to
the top of the sample. The O-rings are designed to prevent air or water leakage
during experiments. The corer also has two pore water pressure transducers at
the bottom base plate; one in the centre and another 96.25 mm from the centre.

(b) The loading rig and platform: The upper part of the corer together with the
piston and air pressure chamber is attached to the loading rig, while the lower
part of the corer is attached to the base of the platform.

(c) The pneumatic air pressure chamber: an air pressure chamber is used to apply a
load to the sample during testing, while the load cell measures the load applied
to the system.

A traditional band-shaped drain (100 mm × 3 mm), based on the equivalent
diameter and spacing in the field is scaled down for a laboratory simulation, so a
model prefabricated vertical drain (PVD) 25 mm × 3 mm (i.e. equivalent wick drain
radius, rw � 7 mm) is used. A hollow rectangular mandrel (30 mm × 5 mm) is used
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Fig. 10.8 Schematic diagram of large-scale consolidometer (Baral et al. [38], with kind permission
from Elsevier)

to insert the model PVD into the laboratory sample. This hollow rectangular mandrel
has an equivalent mandrel diameter (dm) of 13.8 mm. The model PVD is installed by
pushing the mandrel at a constant speed along a vertical guide to the required depth
inside the corer that contains an undisturbed sample; the mandrel is withdrawn as
soon as it reaches the base of the sample. A linear variable differential transformer
(LVDT) is connected on top of the piston to measure the vertical displacement of the
sample, and there are two pore water pressure transducers connected to the bottom
base at different locations. To investigate the effect of a vacuum in the large-scale
consolidometer, there is a 1.5 mm diameter porous plastic sheet around the inner
wall of the corer and a 1.5 mm thick rubber membrane between the sample and
the porous plastic sheet. There is a rim drain around the piston that is connected to
a pressure–volume controller. The rubber membrane and the wall of the corer can
be separated as the soil retracts due to vacuum consolidation. Based on the volume
of water flow in the gap between the wall and the rubber membrane over time, the
lateral deformation of the sample can be calculated. A surcharge load of 20 kPa and
a vacuum pressure of 60 kPa is applied to the consolidometer to maintain a vacuum
surcharge ratio (VSR) of 0.75.
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Fig. 10.9 Large-scale consolidometerwith vacuumpreloading atVSR� 0.75 a staged construction
b Settlement, and cDissipation of excess pore water pressure (Baral et al. [38], with kind permission
from Elsevier)

Thepressure applied alongwith settlement and the dissipation of excess porewater
pressure over time at two different locations is shown in Fig. 10.9. The volumetric
strain at the end of primary consolidation for large-scale specimen under VSR of
0.75 is 25.1%, resulting in a volume compressibility of 3.138 × 10−03 m2/kN. The
coefficient of secondary compression for this large-scale specimen under a vacuum
decreased to 0.0005, unlike the specimen without a vacuum pressure. The coefficient
of horizontal consolidation (ch) is based on the reading taken by different pore water
pressure transducers (11c) is 4.82 × 10−03 m2/day, which is 36% more than the
surcharge only case. This shows that using a vacuum accelerates the rate of radial
consolidation and reduces the long-term secondary consolidation coefficient.
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10.3.4 Large-scale Testing Subjected to Cyclic Loading

Under static and repeated loading clays with high plasticity can exhibit high excess
pore water pressure but this can be prevented by installing PVDs, as shown by
Indraratna et al. [40]. The practical implications of this can be found in transport
geotechnics, especially when dealing with high-speed trains travelling on very soft
clay along coastal areas, however, a phenomenonknownasmudpumpinghas recently
emerged as a potential problem that is mainly due to cyclic loading on soft soils.

Large-scale triaxial test (as shown in Fig. 10.10)which can accommodate a sample
300 mm diameter and 600 mm high has been used at UOW laboratory to investigate
the effect of cyclic load on radial consolidation facilitated with PVDs. The pore water
pressure is monitored at critical locations via miniature pore pressure transducers in
a sample of remoulded estuarine clay compacted to maintain the unit weight of 17
kN/m3 and ko of 0.6–0.7; this resembles the in situ conditions of many Australian
coastal regions. The tests are carried out at frequencies of 5–10 Hz and a cyclic
loading of 25 kPa. This amplitude simulates a train speed that varies from 60 to
100 km/h with an axle load of 35–30 tonnes. Under these conditions, the dissipation
rate of excess pore water pressure near the PVD (i.e. T2) is much faster than the T1
(cell boundary), as shown in Fig. 10.11.

The excess pore water pressure ratio (Ru) versus the number of cycles (N) plotted
in Fig. 10.12 shows that an undrained type of failure occurs with a rapid increase
of excess pore pressure (Ru � 0.9), when soil is not stabilised with PVD. The axial
strain reported in Fig. 10.13 shows that without PVD, it took 200 and 100 cycles
to develop cyclic axial strains large enough to cause the cyclic CK0U test and UC
test to fail. Furthermore, there is also a concave (downward) curve of εa − log N
(as shown in Fig. 10.13b) when the soil is not stabilised with PVD. However, when
the soil is stabilised with PVD, the axial strain gradually increases and there is no
failure, even after 3000 cycles (Fig. 10.13 a, b).

It can, therefore, be concluded that the build-up of excess pore water pressure can
be reduced when the soil is stabilised with PVDs under cyclic loading; it also helps to
accelerate dissipation during a rest period and prepares the track for the next loading
stage. The rise of cyclically induced pore pressure will be at a maximum when the
shear strain exceeds 1.5–2% and soft clays, if facilitated with PVDs, can withstand
a higher level of cyclic stress than the critical cyclic stress ratio via radial drainage
without causing potential undrained failure.

10.4 Numerical Simulation

10.4.1 Plane Strain Conversion

Indraratna and Redana [13] propose a method to convert the axisymmetric unit cell
to plane strain model, and while this method mainly describes the axisymmetric unit
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Fig. 10.10 a Triaxial rig; b large-scale soil specimen (Indraratna et al. [40], with kind permission
from ASCE)
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Fig. 10.11 Dissipation of excess pore water pressure at various locations from the PVD (Indraratna
et al. [40], with kind permission from ASCE)
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Fig. 10.14 Conversion of an axisymmetric unit cell into plane strain condition (Indraratna et al.
[17], with kind permission from ASCE)

cell considered before, plane strain finite element analysis can easily be adopted
for most field situations [13, 41] to represent realistic behaviour by converting the
axisymmetric unit cell using permeability and geometricalmatching. The plane strain
model can also be used to model the vacuum pressure described by Gabr and Szabo
[42]. With these modifications to the original theory by Indraratna and Redana [12],
Indraratna et al. [17] proposed an equivalent plane strain approach to simulate vacuum
pressure in a system facilitated with PVDs. The equivalent plane strain conditions
can be determined: (a) based on permeability and keeping drain spacing constant, (b)
based on geometry (i.e. by changing the drain spacing) and keeping soil permeability
constant, and (c) based on permeability and the geometric approach (permeability is
determined using convenient drain spacing).

Indraratna et al. [17] propose an average degree of consolidation for plane strain
by assuming that the plane strain cell (width of 2B), the half width of the drain bw
and the half width of the smear zone bs may be kept the same as their axisymmetric
radii rw and rs, respectively. This implies that bw � rw and bs � rs (Fig. 10.14). The
excess pore pressure can be determined from

u

u0
�

(
1 +

p0p
uo

(1 + k1)

2

)
exp

(
−8Thp

μp

)
− p0p

u0

(1 + k1)

2
(10.19)

μp �
[
α + (β)

khp
k ′
hp

]
, (10.20)

where ū0 � the initial excess pore pressure, ū � the pore pressure at time t (average
values) and Thp � the time factor in plane strain, and khp and k ′

hp are the equivalent
undisturbed horizontal and corresponding smear zone permeability, respectively. The
geometric parameters α and β are given by
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α � 2
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β � 1
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bs
3B3

(
3b2w − b2s

)
(10.22)

At a given level of effective stress, and at each time step, the average degree of con-
solidation for the axisymmetric (U p) and equivalent plane strain (U p,pl ) conditions
are made equal.

By making the magnitudes of R and B the same, Indraratna et al. [17] presented
a relationship between khp and k ′

hp. The smear effect can be captured by the ratio
between the smear zone permeability and undisturbed permeability, hence
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)
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)
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]
− α

(10.23)

Ignoring the effects of smear and well resistance in the above expression would
lead to the simplified solution proposed earlier by Hird et al. [43]

khp
kh

� 0.67

[ln(n) − 0.75]
(10.24)

Indraratna et al. [17] compared two different distributions of vacuum along a
single drain for the equivalent plane strain (2D) and axisymmetric conditions (3D).
Varying the vacuum pressure in PVDs installed in soft clay would be more realistic
for long drains, but a constant vacuum with depth is justified for relatively short
drains.

10.4.2 Numerical Modelling of Biodegradable Drains

The finite element method (FEM) is used widely to model conventional drains with
a constant discharge capacity, but to capture a reduction in the discharge capacity of
degradable drains; a sub-routine [30] has been created. In this approach the perme-
ability of drains is assumed to decrease over time, i.e. kw(t) while their cross-sectional
area and length remain the same, so the discharge capacity of drains is estimated with
respect to the permeability and equivalent diameter of drain elements. A function
describing kw with time is incorporated into the governing equations of soil and
excess pore water dissipation in FEM (i.e. Abaqus).

To illustrate how the proposed solutions can predict howbiodegradation influences
the consolidation of soil, their parameters are assumed in this investigation; in this
instance the unit cell parameters are: de � 0.6 m, l � 20 m, s � 3.4, kh/ks � 3, kh �
1 × 10−9 m/s, ch � 0.63 m2/year. A natural fibre drain made from jute and coconut
fibres with an initial discharge capacity of 0.43 m3/day is considered in this study.
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Fig. 10.15 Exponential
reduction in discharge
capacity with different rates
of degradation

Fig. 10.16 Retarded
dissipation of excess pore
pressure induced (Indraratna
et al. [30], with kind
permission from Elsevier)

Details of this type of BPVDs with laboratory testing can be found in Nguyen et al.
[29]. Figure 10.15 shows the exponential degradation in the discharge capacity of
BPVDs with different rates, i.e. ω � 0.01, 0.02 and 0.03 day−1 over 400 days.

Figure 10.16 shows how an exponential degradation in the discharge capacity of
BPVDs with ω � 0.02 day−1 can affect consolidation. While the dissipation curves
of excess pore pressure induced by conventional and biodegradable drains are almost
identical in the first 90 days they do begin to deviate from each other after 100 days.
After 400 days where the discharge capacity of BPVDs drops to 0.003 m3/day,
the residual excess pore pressure by BPVDs is about 20%, but with conventional
drains it has almost completely dissipated; this indicates that as fibre drains degrade
they actively retard consolidation. Figure 10.16 also shows how well numerical and
analyticalmethods can predict the consolidation of soil and the reduction in discharge
capacity (less than 5% difference).
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Fig. 10.17 Influence of
different degradation rates on
soil consolidation (Indraratna
et al. [30], with kind
permission from Elsevier)

Figure 10.17 shows how the different rates of degradation affect the dissipation
of excess pore pressure (u(t)/uo); fundamentally, the earlier and faster the reduction
in discharge capacity leads to more retarded dissipation. For example, using ω �
0.03 day−1 results in more than 30% of excess pore pressure being blocked, as
predicted by the proposed analytical method. The smallest degradation rate ω �
0.01 day−1 does not make much difference compared to the conventional method, in
fact there is less than 5% deviation after 400 days.

Note that only exponential degradation is addressed in this paper, the actual reduc-
tion in the discharge capacity of BPVDs in the field might have more complex
characteristics which are discussed in a recent study by Nguyen et al. [29]. Apart
from biodegradation which is stemmed from biological activities, BPVDs made by
combining individual natural fibres in a certain arrangement can experience consider-
able physical degradation (i.e. soil clogging), so a more detailed and comprehensive
investigation into the degradation of BPVDs is essential.

10.5 Field Studies

10.5.1 Port of Brisbane (POB), Queensland

Works at the Port of Brisbane involves expanding the port by reclaiming 235 ha of
land using materials dredged from the Brisbane River and Moreton Bay Channels.
This site contains highly compressible problematic soft clays up to 30 m deep, so
in an effort to reduce the consolidation period, several techniques are in use by
three different contractors. These techniques include consolidation using PVDs and
surcharge, PVDs with surcharge and vacuum (membrane and membrane less), and
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Fig. 10.18 Layout and design specification of trial area (Indraratna [44], with kind permission
from AGS)

Table 10.2 Soil properties at POB, Queensland (Indraratna [44], with kind permission from AGS)

Soil layer Soil type γt
(kN/m3)

cc/(1 +
e0)

cv(m2/year) ch(m
2/year) kh/ks s � ds/dw Cα/(1+e0)

1 Dredged
Mud

14 0.3 1 1 1 1 0.005

2 Upper
Holocene
Sand

19 0.01 5 5 1 1 0.001

3 Upper
Holocene
Clay

16 0.18 1 2 2 3 0.008

4 Lower
Holocene
Clay

16 0.235 0.8 1.9 2 3 0.0076

PVDs with different types, diameters and spacing. The layout of the trial area is
shown in Fig. 10.18 and the relevant soil properties are tabulated in Table 10.2.

For a typical settlement plate (TSP3), the behaviour of an embankment in terms
of its settlement and excess pore water pressure is shown in Fig. 10.19. In terms of
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Fig. 10.19 a Settlement and b EPWP predictions and field data (Indraratna [44], with kind per-
mission from AGS)

settlement, the predicted settlement curve agrees with the field data, although the
excess pore water pressure dissipation curve has some deviation in terms of the rate
of dissipation (slower than the actual one); this slower rate of dissipation is mainly
due to the highly viscous nature of soft soil in every section monitored.

In terms of lateral deformation, the lateral displacements normalised with applied
effective stress at two different positions (MS 24 and MS34) of inclinometers are
shown in Fig. 10.20. Note here that lateral displacement is insignificant at shal-
low depths (below 10 m) but it is very significant in the upper Holocene shallow
clay depths. Moreover, the membrane-less vacuum system (MS34) did control lat-
eral displacement very well compared to the surcharge only section (MS24), thus
confirming how effectively vacuum pressure improves soft ground. Figure 10.21
describes the behaviour of embankments in terms of stability, and when the incre-
mental rate of change of the lateral deformation/settlement ratio μ becomes small, it
reflects towards higher reliability with stability, whereas a higher value of μ reflects
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potential lateral instability. In Fig. 10.21, the gradient in the non-vacuum area VC3
increases initially possibly due to the final surcharge loading being placed quickly
while the claywas still at early stages of consolidation.However, as the PVDsbecome
fully active and settlement increases at a healthy rate, the gradient of μ decreases, as
expected. Figure 10.21 shows that the vacuumpressure generally provides a relatively
unchanging gradient of μ with time.
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Fig. 10.22 Instrumentation layout for Ballina Bypass (Indraratna et al. [45], with kind permission
from ICE)

10.5.2 Ballina Bypass, NSW

TheAustralian east coast which links Sydney and Brisbane bypasses the town of Bal-
lina, but this bypass route crosses a floodplain of soft, highly compressible marine
clay up to 40 m thick. A combination of vacuum with surcharge preloading will
be used to improve the ground at one of the bridge abutment, but to determine its
effectiveness, there is a trial embankment at Ballina where 34 mm diameter PVDs
are placed at 1 m spacing in a square pattern, and membrane-type vacuum consolida-
tion with horizontal transmission pipes, peripheral trenches, and heavy-duty vacuum
pumps are used. A range of instruments including settlement plates, inclinometers
and piezometers are installed in the trail embankment; their locations are shown in
Fig. 10.22.

Two sections (A & B) are shown within the embankment area, with Section A
being allowed to improve without vacuum pressure and section B being allowed
to improve with combined vacuum and surcharge pressure. Since the layers of soft
clay vary from 7 m to 25 m thick, the embankment is from 4.3 to 9 m thick to limit
post consolidation settlement, and a vacuum pressure of 70 kPa has been applied to
section B at the drain interface and then removed after 400 days. The geotechnical
parameters of these three layers of subsoil obtained from standard odometer tests are
given in Table 10.3. A profile of this subsoil and the relevant geotechnical properties
are shown in Fig. 10.23. There is a 10 m thick layer of soft silty clay underlain by
moderately stiff silty clay 10–30 m deep, followed by firm clay. The groundwater
table is assumed to be at the surface. The water content is 80–120%, which is higher
than the liquid limit, ensuring that the soils are fully saturated. The behaviour of this
embankment in terms of settlement and the dissipation of excess pore water pressure
is shown in Fig. 10.24, alongwith the construction schedule for the embankment. The
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Table 10.3 Soil properties at Ballina Bypass (Indraratna et al. [45], with kind permission from
ICE)

Depth (m) Soil type λ κ γ (kN/m3) e0 kh,ax (10−10

m/s)
OCR

0.0–0.5 Clayey Silt 0.57 0.06 14.5 2.9 10 2

0.5–15.0 Silty Clay 0.57 0.06 14.5 2.9 10 1.7

15.0–24.0 Stiff Silty
Clay

0.48 0.048 15.0 2.6 3.3 1.1

Fig. 10.23 Sub-soil profile with the properties at Ballina Bypass

vacuum pressure varies from−70 to−80 kPa, asmeasured byminiature piezometers
embedded inside the drain. The settlement noted at differential settlement plates
varies from 1 to 5 m and the dissipation of excess pore water pressure is retarded
in most piezometer reading due to the highly viscous nature of soft soil as well as
potential biological and chemical clogging of the piezometer tipsmainly in the region
prone to have acid sulphate soil.

The rate of surcharge loading rate is faster in the vacuum areas (when raising
the embankment) than the non-vacuum areas, so the lateral displacement of the
embankment must be examined to check its stability. The profile of lateral displace-
ment with depth is shown in Fig. 10.25a, and the normalised lateral displacement
plot (by embankment height) is shown in Fig. 10.25b. Inclinometer I1 is located in
the non-vacuum areas while all the other inclinometers are located at the edge of
the vacuum areas. Figure 10.25a, b shows that lateral displacement under vacuum
pressure is smaller despite the high embankments, and the use of vacuum pressure
undoubtedly reduced lateral displacement.
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Fig. 10.24 Staged construction of the embankment alongwith associated settlement anddissipation
of pore water pressure at different instrument location (Indraratna et al. [45], with kind permission
from ICE)

10.6 Conclusions

Ground improvement methods using PVDs and surcharge and vacuum preloading is
now common practice and is regarded as the best andmost cost-effective and friendly
technique for improving soft clay. Analytical and numerical modelling related to
vacuum preloading are ongoing to solve complexities such as: PVD bending with
settlement in shallow depths, the biodegradation of natural fibre drains, and the
soil–drain interface. Many predictions have been made to describe the behaviour
of embankments stabilised with PVDs and vacuum pressure but there is always
a discrepancy between field data and predictions in terms of settlement and the
dissipation of excess pore water pressure; these discrepancies are mainly due to
the uncertainty of soil properties, soil de-structuration, the smear effect, inaccurate
distribution of vacuum pressure through the drain depths, large strains, inaccurate



212 B. Indraratna et al.

0 200 400

Lateral displacement (mm)

-20

-10

0

D
ep

th
 (m

)

I1
I2
I3
I4

0 0.04 0.08 0.12

Lateral displacement
normalised by

embankment Height

I1
I2
I3
I4

(a) (b)

Fig. 10.25 General and normalised lateral displacement profile shown by inclinometers (Indraratna
et al. [45], with kind permission from ICE)

conversion of axisymmetric to plane strain conditions, and the elastic visco-plastic
behaviour of soft clay.

When there are very soft soils in reclamation areas, vacuum consolidation for
very large projects has been used successfully because the amount of surcharge fill
can be reduced to achieve the same ultimate settlement and lateral yield, but only
with help from PVDs and vacuum pressure. The efficiency of vacuum-assisted con-
solidation depends on the air-tightness, how well the membrane is anchored, the
groundwater level, and soil conditions. A detailed evaluation is needed to determine
how effective the type of membrane and membrane-less vacuum technology will
be. Without a proper quantitative and comprehensive analysis, the study of proper
methods for vacuum-assisted consolidation becomes imperative, numerically, exper-
imentally, and more significantly in the field through trial sites.

A large-scale consolidometer has been used to study how well vacuum-assisted
consolidation will deliver more realistic parameters (soil–drain interface, extent of
smear zone, and distribution of vacuum pressure through drain depth). The main
reason for using a large-scale consolidometer is because conventional small-scale
equipment such as a Rowe cell cannot capture the above-mentioned properties. The
studies carried out at University of Wollongong indicate that the equivalent radius
of smear zone will be 2–3 times larger than the radius of the mandrel, and in the
same way, soil permeability in the smear zone is reduced due to the remoulding
phenomenon and is generally smaller than the undisturbed zone by 1.5–2 times. In
the absence of boundary effects (which is predominant in laboratory conditions) but
are absent in the field, the smear zone can be larger, which means soil sampling and
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analysing field piezometer data to predict exact behaviour in terms of the extent of
the smear zone and soil disturbances. Suitable drain spacing patterns also need to be
determined to minimise the effects of overlapping smear zones.

Analytical modelling for PVDs combined with vacuum preloading under plane
strain as well as axisymmetric conditions that simulate unit cell consolidation has
been developed, as has the distribution of vacuum pressure along the length of drains,
the occurrence of non-Darcian flow and the nonlinear properties of soil to represent
more realistic conditions. Large strain analysis based on convective coordinate sys-
tems reveals that large strain analysis has a notable difference predicting settlement
when preloading is higher than 120 kPa, but for most traditional road embankments
where preloading is not very high, a small strain solution is still valid and acceptable.

2D plane strain analysis is usually good enough to model embankments for large
construction sites that will have many PVDs. The method of conversion proposed by
Indraratna to convert axisymmetric to plane strain conditions agrees very well with
the measured data for many case histories, including the Port of Brisbane (POB) in
Queensland, Australia. Another advantage of the plane strain method is its readiness
to be incorporated into numerical analysis (FEM) due to its simplicity and efficiency.
When the permeability and vacuum pressure has been converted correctly from the
3Dmodel to the 2Dmodel, the time-settlement curves are similar to themore complex
3D analysis except when a plane strain condition cannot be assumed due to specific
boundaries and there is sudden change in the properties and terrain (i.e. curved
sections of road and rail embankments); in this instance a 3D analysis is only one
option. Field case studies and model predictions indicate that the efficiency of PVDs
is a function of the drain discharge capacity, the magnitude and distribution of the
vacuum, and the extent of smear caused by a vertically penetrating mandrel. The
drain discharge capacity is very relevant for natural PVDs which can potentially
decay over time, so if NPVDs can consolidate enough prior to decay, they can be
regarded as the best environmentally friendly ground improvement technique due to
their self-decaying nature, unlike conventional synthetic drains.

Vacuum preloading successfully reduces surcharge fill heights while giving the
same degree of consolidation as surcharge only embankments, provided there are no
air leaks. Vacuum consolidation is also very important where lateral displacement
must be controlled due to critical boundary conditions such as at the Port of Brisbane
where the marine boundary compels contractors to limit lateral displacement; in
fact, if a vacuum is not used the boundaries may pollute the water by increasing the
turbidity level. Moreover, PVDs also help to stabilise rail embankments in coastal
area by dissipating excess cyclic pore pressure and curtailing lateral displacement.

The dynamic triaxial testing with CSR at frequencies representing fast heavy haul
trains that have taken place at the University of Wollongong over the past decade
indicates how important the rapid dissipation of cyclic pore water pressure is to
stabilise saturated subgrade. It is also important to study PVD under cyclic loading
to discover how to avoid mud pumping (formation of subgrade slurry). Current
findings from laboratory experiments prove that high-speed trains cannot operate on
tracks built over soft subgrade unless it is consolidated beforehand.While a lot of this
research is ongoing, the laboratories at UOW tend to focus on transport geotechnics.
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In Australia, a lot of attention is now being given to ground improvement techniques
because the government has approved a 2000+ km long M-B Inland rail project.
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Chapter 11
Issues on Seismic Site Characterization

S. K. Prasad, K. V. Vijayendra and Sitaram Nayak

11.1 Introduction

Earthquakes have been the most devastating of all the natural disasters in terms
of both human loss and damage to built environment. Time and again, it has been
demonstrated that the damaging effects of earthquake are more pronounced in places
that are ill-equipped in managing earthquake disasters compared to those which have
good practice of earthquake-resistant construction. For a structure to be earthquake
resistant during strong earthquakes, each of its components should perform well and
most importantly the foundation and the foundation soil should perform adequately.
The foundation soil can be from strong and intact rock to a very soft soil having
sufficient overburden thickness.

It has been well established that the overburden soil influences the ground motion
considerably. There have been many instances during past earthquakes in which the
performance of a particular type of building was influenced by the overburden soil
on which the structure rested. Michiokan earthquake of Mexico (1985), Lomaprieta
earthquake of USA (1989), Hyogo Ken Nambu earthquake of Japan (1995) and Bhuj
earthquake of India (2001) are a few examples of overburden soil influencing the
damage to many structures. There have been instances of near resonance situation in
many cases leading to damaging effects to particular types of buildings. Hence, stud-
ies on determination of ground motion at the surface due to travel of seismic waves
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in layered soil are extremely important. Site characterization, site effect, ground
amplification are some terminologies used for such study.

The seismic waves generated at the hypocenter travel upward through layered
soil experiencing reflection and refraction at layer interfaces resulting in consider-
able changes in wave motion, both in terms of amplification and frequency content.
The energy dissipating characteristics of soil will also influence the ground motion.
Site characterization and seismic ground response involve in the determination of
expected ground surface motions at a site from a specified control motion at some
other point where an observed or estimated motion is available considering the fac-
tors such as magnitude of shaking, epicentral distance, focal depth, thickness of
overburden, number of layers, type of soil, presence of groundwater table, shear
wave velocity of ground, topography of ground, stiffness , damping characteristics
of ground, etc. The procedure [24] involves,

• Determination of the characteristics ofmotions likely to develop in the rock forma-
tion underlying the site and selection of an accelerogramwith these characteristics
for use in the analysis.

• Determination of the dynamic properties of the soil deposit.
• Computation of the response of the soil deposit to the base rock motions. A one-
dimensional method of analysis can be used if the soil structure is essentially
horizontal.

Figure 11.1 explains the procedure involved in estimatingmotion at one place from
known motion anywhere else. In general, the results of seismicity evaluations are
presented as the peak acceleration expected for a given return period. The acceleration
usually corresponds to the shaking at a rock outcrop, not at the surface of a soil
profile. Using the estimated acceleration time history of the rock outcrop as input
motion at the bedrock and propagating through soil media, the site effects must then
be evaluated as a function of soil parameters such as type of soil deposit, deposit
thickness, stiffness, and damping properties of deposit. There are many empirical,
simple, and complex procedures available to compute site-specific dynamic soil
response. The site-specific seismic ground response analyses include characterizing
the modification in the frequency and amplitude of the seismic waves. Figures 11.1
and 11.2 show the procedure involved in seismic site characterization where layered
soil profile is considered.

It is interesting to note that the ground motion at the surface during an earthquake
can be very different from that at some depth below in hard rock depending on
geotechnical factors of ground. Depending on the situation, there can be changes
in amplitude and frequency content of motion at the surface. In many situations,
a considerable amplification in ground motion is a possibility at the surface. The
amplifiedgroundmotionwill be responsible for damaging effects during earthquakes.
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Fig. 11.1 Energy transfer from rock to soil for computing local soil effect on ground motion
(extracted from Schnabel et al. [43])

Fig. 11.2 Propagation of shear wave through layered soil (modified from Kramer [24])

11.2 Lessons Learnt from Past Earthquakes

During the past major earthquakes across the globe, it has been learnt that ground
motion can amplify and frequency content of groundmotion can be altered depending
on several factors discussed resulting in huge damage to a particular type of structure
due to near resonance situation. A few case studies in this regard are briefly discussed.

11.2.1 Michiokan Earthquake, Mexico, 1985

The earthquake of magnitude 8.3 struck on the September 19, 1985 in the Pacific
Ocean, off the coast of Mexican state of Michoacan, at a distance of more than
350 km from Mexico City. Mexico City is vulnerable to earthquakes, though not
near any fault line like San Francisco or Los Angeles. The main reason for this
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is the surface geology of the area, especially the downtown area, mostly resting
on the silt and volcanic clay sediments which are between seven and thirty-seven
meters deep and have a high water content. The city grew from an island in the
middle of lake Texcoco outward, as this lake was eventually drained. On the bed
of the lake, the prevailing silt and volcanic clay sediments amplify seismic shaking
[1, 6]. Further, it was observed that many taller structures were either destroyed or
severely damaged. Very low natural frequency of the system (tall structure resting
on soft ground of sufficient thickness) matched with the low-frequency components
of earthquake motion to cause near resonance effect in addition to amplification in
ground motion causing severe damage to tall structures. Many of the older colonial
buildings have survived hundreds of years on the lakebed simply because they are
not tall enough to be affected by the resonance effect.

11.2.2 Lomaprieta Earthquake, USA, 1989

On October 17, 1989, the devastating Lomaprieta earthquake, measuring 7.1 on
the Richter scale, rocked the city of Oakland, causing billions of dollars worth of
damage and a death toll of 64. Over half the victims were on the Cypress Street
Viaduct that was severely damaged during the quake. Hanks and Brady [15] studied
the acceleration, velocity, and displacement waveforms of this earthquake at two
rock sites in San Francisco, a rock site on Yerba Buena Island, an artificial-fill site
on Treasure Island, and three sites in Oakland underlain by thick sections of poorly
consolidated Pleistocene sediments. The waveforms at the three rock sites display
a strong coherence, as do the three sedimentary sites in Oakland. The duration of
strong motion at the rock sites is very brief, while the records in Oakland show
strong amplification effects due to site geology. The S-wave group at Treasure Island
is phase coherent with the Oakland records, but at somewhat diminished amplitudes,
signaling the onset of liquefaction.

Cypress Street Viaduct, was a 2 km two-tier highway with five lanes per deck,
and traffic flowing at ground level. A certain portion of Cypress Street Viaduct was
constructed on soft mud where the bedrock was over 150 m below the surface [57].
The bridge was constructed using cast-in-place concrete with multi-celled reinforced
box girders that typically spanned about 25 m [32].

During the Lomaprieta earthquake, a 1.4 km section of the Cypress Viaduct col-
lapsed as shown in Fig. 11.3. Dashed red line in the figure indicates collapsed section
of Cypress structure in 1989. During the Lomaprieta earthquake, the entire Viaduct
structure began to vibrate tremendously [35]. Well-graded soils helped to dampen
vibrations [57], the soft “bay mud” upon which most of the structure was constructed
actually amplified the ground motion by up to five times in comparison to that of
the rest of the freeway which was built on rock. In addition, it was later determined
that the frequency of the seismic waves almost matched a natural frequency of the
individual horizontal sections of the structure [14]. It is felt that these sediment res-
onances could have played a significant role in contributing to the freeway collapse,
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Fig. 11.3 Plan of Oakland area indicating the type of ground, amplification of ground motion at
different sites and the location of cypress viaduct that was severely damaged (https://pubs.usgs.gov/
fs/1999/fs151-99/)

since the resulting forces were not anticipated in the original design. The problem
of matched resonant frequencies was not known at that time and may not have been
considered in the design.

11.2.3 Hyogo ken Nanbu Earthquake, Kobe, Japan, 1995

Hyogo ken Nanbu earthquake also known as The Great Hanshin earthquake or Kobe
earthquake occurred on the January 17, 1995 at 05:47 am 20 km away fromKobe city
on the northern end of Awaji Island in the southern part of Hyogo Prefecture, Japan. It
measured 6.9 on the moment magnitude scale at a focal depth of 17 km. About 6,400
people lost their lives, with more than 4,000 of them from Kobe. This was Japan’s
worst earthquake in the twentieth century after the Great Kanto earthquake in 1923.
Figures 11.4 and 11.5 clearly illustrate relation between site effect and intensities of
damage during this event (personal communication, [47]). Figure 11.4 indicates the
aerial satellite view of Kobe city along with manmade islands Port Island and Rokko
Island. The yellow strip in the figure represents the severely damaged location where
most buildings had collapsed. Also, in the figure red line indicates the location whose
geological cross section is provided in Fig. 11.5. It can be seen that a length of about
3 km comprises of hilly terrain in the north gradually sloping downwards toward
seashore in the south by about 75 m in elevation. From the borehole investigation of
geological formation, it was evident that the hilly terrain possessed dense gravelly

https://pubs.usgs.gov/fs/1999/fs151-99/
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Fig. 11.4 Satellite picture of Kobe city with man-made islands [47]

Regions of severe 
damage to buildings

Fig. 11.5 Cross section of ground from hilly region to the shore in Kobe area [47]

deposit and the ground near the sea was low lying and possessed soft marine clay for
a sufficient thickness. Most of the damage to buildings occurred at a place having
thick soft overburden suggesting the amplification in ground motion.
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11.2.4 Failure of Residential Flats in Ahmedabad During
Gujarat Earthquake of 2001

The 2001 Gujarat earthquake struck western part of India on January 26, 2001,
India’s 51st Republic Day, at 08:46 am with a moment magnitude of 7.6 that lasted
for almost two minutes. The epicenter was about 50 km west of Bhuj in Kutch
District of Gujarat, India. The earthquake had a maximum felt intensity of X on the
Mercalli intensity scale and killed around 20,000 people, injured another 167,000,
and destroyed nearly 400,000 homes. This was an intraplate earthquake, one that
occurred at a distance from an active plate boundary. The shockwaves spread 700 km.
21 districts were affected and 600,000 people were left homeless.

This earthquake caused widespread damage to civil engineering structures in
Ahmadabad [37]. It is natural that the damagewill be severe close to the epicenter and
the effects reduce with the increase in distance from epicenter. Bhuj, Gandhidham,
andBhachauwere close to the epicenter and hence suffered severe damage. However,
the most surprising aspect of this event was the damage suffered by buildings in
Ahmadabad city situated over 250 km east of epicenter. During the field investigation
carried out in Ahmadabad after the earthquake, it was found that the distribution of
damagedbuildings inAhmadabadwas situated in a particular band and suchbuildings
were close to Sabarmati river. Many multi-storied buildings (generally four storey
and above), that were recently built, were reduced to rubble and the damage was
restricted to a small portion of the city (less than 10% of total city area). Most other
cities situated at similar range of distance from epicenter, including Gandhinagar
had little impact of the earthquake. Thus, in order to find the reasons for failure of
multi-storied structures on soft alluvial soil, following analyses were carried out.

• The available accelerogram recorded at passport office in Ahmadabad was pro-
cessed and the predominant frequencies were evaluated.

• The natural frequency of framed structure mainly depends on the type of the mate-
rial used; the cross-sectional details of different members, number of storeys, iner-
tia characteristics, etc. The natural frequencies of bare multi-storied R.C. frames
with varying number of storeys and number of bays were found to be between
1.32 to 2.11 Hz for multistoreyed structures with 5 to 7 floors.

• Using the soil properties of the area close to the damaged buildings in Ahmadabad,
an equivalent linear analysis was performed using SHAKE [43] from the above
acceleration time history and the natural frequencies of the groundwere estimated.

The corrected ground acceleration and derived velocity and displacement time
histories of a typical ground motion are shown in Fig. 11.6. The corresponding
predominant frequencies are presented in Fig. 11.7. Sabarmati river runs from north
to south across the city separating the old city from the recent formation. Around
the river, soil is generally of soft alluvial type consisting of loose fine silty sand or
clayey deposits for over 20 m depth. A typical soil profile (the borehole was located
near the right bank of Sabarmati River between Gandhi Bridge and Nehru Bridge)
along with N value (corrected) for a depth of around 30mwas available and the same
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Fig. 11.6 Corrected acceleration and derived velocity and displacement time histories recorded at
Ahmedabad during Bhuj earthquake of 2001 (component: N 78°E)

is presented in Fig. 11.8. Below this depth, very stiff weathered rock (N > 50) was
encountered. Generally, the hard stratum is situated at a depth of more than 30 m.
The groundwater table was inferred to be at around 2 m below ground level. It can be
seen that the N values as low as 2–20 were recorded showing low strength and poor
deformation characteristics of soil. Empirical equations of Japan Road Association
(JRA)were used to compute the shearwave velocity [50]. Equivalent LinearAnalysis
[43] was performed and the results are presented in Fig. 11.9 and Table 11.1. The
amplification between ground motion and motion at the base in frequency domain
is shown in Fig. 11.9. It can be seen that the amplification as high as 13.3 was
observed at 1.49 Hz. This suggests that the average natural frequency of 32 m deep
soft soil was around 1.49 Hz. Table 11.1 compares the natural frequencies of soil
and structure with the predominant frequency of earthquake. It is interesting that
all the frequencies fall within a close range (1.20–2.11 Hz). Hence, it was inferred
that site amplification and near resonance conditions were the two major causes for
failure of some structures in the city of Ahmadabad in addition to many other causes
already reported. This phenomenon, in addition to soft soil behavior seemed to be
responsible for the vulnerable response of the entire system causing collapse of many
multi storeyed buildings. Other factors such as bad workmanship, bad design, poor
material used, illegal construction, etc. may have contributed to the disaster.

The above case histories help us to make inferences that thickness and stiffness of
overburden, type of structure, number of layers of overburden, etc. play significant
role in amplifying the groundmotion at the surface. If the frequency of groundmotion
nearly coincides with the natural frequency of ground at a site, near resonance effect
can be felt at sites, especially when shaking is for long duration causing widespread
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Fig. 11.9 Amplification
between surface and base
motion in frequency domain
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Table 11.1 Natural
frequencies of ground,
structures, and predominant
frequencies of earthquake

Natural frequency of ground estimated
from SHAKE

1.49 Hz

Natural frequency of five to seven storeyed
R. C. Structures

1.32–2.11 Hz

Predominant
frequency of 2001
Gujarat earthquake
felt at Ahmadabad

N 78°E component 1.20 Hz

N 12°W component 1.40 Hz

damage to the structures founded on them. These effects of amplification in ground
motion and resonance-like phenomenon can be termed as site effect [38].

Further, there is a possibility that one or more layers of soil may liquefy leading
to reduction in strength and stiffness of soil. In the worst case, the strength of soil in
that layer may become zero. Increase in excess pore water pressure, increase in strain
level, effect of vibration, inertial effect are responsible for the ground to soften leading
to bearing capacity failure, settlement, changes in lateral earth pressure amongmany.

There are a number of mathematical formulations, mostly based on wave prop-
agation theory to assess the amplification in ground motion at the surface based on
the input motion at some depth below in hard rock. The analysis can be for level
ground or ground with topographical changes (basin or mound), for homogeneous or
horizontally layered profiles, for one-, two- or three-dimensional idealizations, etc.

In spite of many sophistic formulations, there is considerable scatter in the results
from different analyses and huge gap exists between actual behavior at site and
predicted data suggesting that there is scope for further studies in this area. The
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following are some of the issues related to one-dimensional seismic response analysis
using equivalent linear analysis.

11.3 Consideration of Continuous Variation in Soil
Properties Instead of Abrupt Change in Properties
as in Layered Soil

In has been well established that soil profile can be idealized as a number of hor-
izontal layers, with properties in each layer being homogeneous. The geological
formation of soil is also gradual and fairly uniform permitting such an idealization.
However, it is difficult to believe that soil properties change abruptly between layers
in natural soil. It should be noted that the properties change gradually between layers
especially when the formation is due to geological process and gradual. Hence, it
may be appropriate to idealize the non-homogeneity of the surface deposit to con-
tinuous variation of stiffness and density rather than distinctly layered formation on
many occasions. Recognizing this fact, many investigators have attempted to treat
the prevailing condition of non-homogeneity and computed the dynamic response
of the deposit subjected to harmonic base excitations. Among these, important con-
tributions are from Gazetas [11], Towhata [46], Roviths et al. [42], Vrettos [53] etc.
Hence, there is scope and need for improving equivalent linear analysis for predicting
seismic ground response. The analytical and numerical studies, reported in literature,
have pointed out that main drawback of one-dimensional modeling of the ground
arises out of the assumption of perfectly horizontal layers of varying depths. This
assumption leads to unrealistic and contrasting impedance ratio between adjacent
layers. In turn, this may result in poor simulation of ground response. Hence, there
is a need for overcoming this deficiency by modeling the ground profile with contin-
uous variation of soil properties, particularly shear wave velocity, which introduces
a smooth transition zone at layer interfaces instead of abrupt variation.

It has been well established that soft soil is more hazardous during earthquakes
than firm ground [33]. The maximum acceleration experienced by the ground is
affected by the surface topography and frequency of incident wave in addition to
the soil type. Past experience revealed that soft deposits undergo greater maximum
acceleration than the hard ground. Towhata [46] illustrated the distribution of max-
imum acceleration recorded during the 1989 Lomapreita earthquake in California
and showed that the recorded acceleration was greater on the soft coastal deposit and
smaller in the hilly areas made of stiffer soils. He also calculated maximum accel-
eration at many sites in central Tokyo using an equivalent linear technique in the
frequency domain considering layered deposit and showed that maximum accelera-
tion was large on the firm deposits, smaller in the alluvial deposits and the smallest in
the reclaimed areas. He inferred that the maximum acceleration in central Tokyo area
analyzed from equivalent linear technique considering layered ground contradicted
the observed behavior in some cases.



228 S. K. Prasad et al.

Down-hole survey
SPT profile and suspension type 

survey

Profile of fine content

Fig. 11.10 Geotechnical investigation at Shin-Ohta site in Tokyo Harbor. Source Towhata [46]

Natural soil deposit shows continuous variation of deformation characteristics
with depth, though not uniform. As the deposition of natural ground is by sedimen-
tation, type ofmaterials deposited change gradually except in case of occasional flood
deposits. Hence, the change of soil properties with depth is generally continuous.
Figure 11.10 shows the results of downhole survey at Shin-Ohta site in a reclaimed
island in Tokyo harbor [46]. In the analysis considering layered deposits, it seems a
common practice to divide the top 40 m into two layers—top layer from 0 to 10 m
at Vs � 94 m/s and the remaining layer from 10 to 40 m at a Vs of around 388 m/s.
This results in an impedance ratio of more than 4 between the layers assuming con-
stant unit weight. The conventional analysis demonstrates that more than 30% of
incident energy is reflected back. However, the variation in modulus is more con-
tinuous around 10 m depth and the use of layered ground concept may result in a
high impedance ratio between layers, thereby reducing the energy transferred to the
surface. The figure also indicates the SPT profile and suspension type survey profile
at Shin-Ohta site. Though SPT results show sudden variation between two consec-
utive points (example around 13 and 18 m depths), Vs measurements show more
continuity. This fact was better established from Vs measurements at 20 cm center
to center spacing. Further, it can be observed from the figure that the fine content in
the reclaimed land is randomly distributed while it follows a continuous and definite
distribution in the deeper natural ground. Therefore, assumption of continuity in soil
properties with depth in natural deposits is more rational than dividing the ground
into layers.

In layered ground idealization, properties of ground in a layer are assumed to be
constant. If the soil modulus is evaluated from SPT results, general tendency is to
consider two different layers whenever there is a sharp variation in the measured
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N values. This results in large impedance ratio between the layers. Hence, analy-
sis using layered soil assumption shows the reflection of larger magnitude of wave
energy at the interface, allowing a fraction of energy to be incident to the surface.
Extent of reflection increases with the increase in the discontinuity of impedance.
Therefore, during the analysis, if large discontinuity is considered between the layers,
it may result in underestimating the displacement at the surface. Hence in dynam-
ics, considering continuous variation of soil properties compared to layered ground
idealization may be appropriate.

11.4 Computation of Effective Strain to Update Dynamic
Properties of Soil

Equivalent linear analysis utilizes effective strain to update the soil properties after
every iteration and these updated shear moduli and damping values are employed
in the next iteration. Throughout a particular iteration, these values remain constant.
There is no technically rational procedure available to convert the resultingmaximum
strain to effective strain. In their computer program SHAKE91, Idriss, and Sun [19]
computed effective strain as equal to the product of R and maximum strain where R
is an empirical parameter which depends on magnitude of the earthquake (M) as R
� (M − 1)/10, while Schnabel et al. [43] recommended a value of 0.55 to 0.65 for
R in their program SHAKE. It is observed that single value of parameter R is not
capable of reproducing the entire response history at complete range of frequencies.
Several othermethods for computingR have been proposed. However, they are aimed
at altering R depending on excitation frequency instead of acceleration or strain
amplitude [22, 45, 58]. Hence, evolving a rational procedure to compute effective
strain based on acceleration or strain amplitudes of the corresponding iteration is
imperative.

As mentioned earlier it is customary to set the value of R based on magnitude (M)
of earthquake. For the earthquakemagnitude ranging between 4 and 9,R value would
vary from0.3 to0.8.To illustrate the effect ofRvalueused in equivalent linear analysis
on the overall response of the soil deposit, a soil deposit of 30 m thickness with
continuous variation of shear modulus (G) given by G(z) � A(z0 + z)n with G(z �
0) � 18, 000 kPa, G(z � 30m) � 162, 000 kPa and n � 4 is considered. The
nonlinear analysis is carried out till convergence of strains is achieved. Figure 11.11
shows the amplification transfer function between surface and base of the deposit
considered above. Figure 11.12 shows variation in maximum acceleration along the
depth for various values of R. In both of these figures, effect of R value chosen for
the analysis on computed response quantities is evident.

A new method was proposed [51], which is based on the level of shaking a
particular layer experiences in each of the iteration. In the past, several popular rela-
tionships relating Peak Ground Acceleration (PGA) andModified Mercalli Intensity
(MMI) have been developed. Some of these are site-specific while others can be used
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Fig. 11.11 Effect of R value on amplification between surface and bedrock (after eight iterations)
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iterations)

universally. Compilation of such relationships between PGA and MMI are given by
Linkimer [26]. These prediction equations are plotted in Fig. 11.13. It can be observed
in Fig. 11.13b that mean trend of these prediction equations almost exactly match
with the most popular equation proposed by Trifunac and Bardy [48]. Knowing peak
acceleration at a layer during any iteration, it is possible to estimate MMI, which in
turn can be used to arrive at the value of R, as R � (MMI − 1)/10.

For the same soil deposit considered previously, the analysis was carried out using
both themethods, i.e., analysiswith constant value ofR� 0.50 and continuous profile
analysis by computingR value using this alternativemethod. In thismethod, the value
of R is updated at the end of each iteration for every layer unlike traditional method
wherein R value remains constant during all iterations for all the layers. Figure 11.14
depicts the variation in R computed in each of the iterations based on intensity of
shaking experienced by that layer. Thus, for every iteration soil properties in each of
the layer are updated more realistically based on prevailing level of shaking in the
previous iteration.
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11.5 Frequency-Dependent Soil Properties

It has been observed that equivalent linear analysis fails to simulate the measured
ground motions and in general the analysis does not yield consistent results under
weak and strong ground shakings. Generally, the response obtained from Equiva-
lent Linear (EQL) analysis is overestimated in the vicinity of fundamental resonant
frequencies and attenuated at higher frequencies. Equivalent linear analysis is itera-
tively employed with the help of strain-dependent modulus degradation and damping
curves. These curves for particular type of soil are essentially obtained from labo-
ratory tests. Earlier methods of laboratory procedures had several limitations which
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lead to disputable understanding of frequency dependence of dynamic soil proper-
ties. In recent times, some researchers have succeeded in recognizing the effect of
loading frequency on dynamic soil properties. However, many issues are yet to be
addressed in this regard; particularly, range of frequency and its quantitative effect
on energy dissipation characteristics of soil.

The routine laboratory methods of determining dynamic soil properties have indi-
cated that dynamic deformation characteristicswere observed to be almost insensitive
to loading frequency within the frequency range that is vital in seismic response anal-
ysis.Determination of dynamic soil properties in the laboratory are usually conducted
using sinusoidal excitation of soil specimen. Hence, very often the investigator has
limited scope to simulate the actual field conditions, particularly, the seismic event.
In case of earthquake loading, soil is excited by multiple frequencies which are very
much difficult to reproduce in routine laboratory setups. Among others, resonant
column and cyclic triaxial tests are the most popular means of determining dynamic
soil properties in the laboratory. These tests are performed at contrastingly different
strain amplitudes and frequencies [56]. Thus, the comparison between the results
from resonant column and cyclic triaxial tests should be done at similar frequencies.
In resonant column tests, the resonant frequency of the specimen is used to evalu-
ate its dynamic properties. Also, conventionally, in case of resonant column test the
analysis of test results is carried out by assuming the test specimen is an undamped
elastic system to evaluate shear modulus. Then, independently using shear modulus,
damping ratio is computed from free vibration or half-power bandwidth method or
transfer function method. Hence, it is impossible to evaluate frequency dependent
dynamic properties using conventional resonance tests.

Owing to reasons cited above with regard to routine laboratory testing procedures,
results presented by many researchers indicated that loading frequency in the range
of 0.1–250 Hz had no significant effect on the shear modulus of both clayey and
sandy soils [16]. On the other hand, some have (e.g., [40]) concluded that strain
rate or loading frequency significantly affects the dynamic properties of clays but its
effect is potentially insignificant in case of sandy soils. An important contribution
concerning frequency dependent dynamic soil properties published by Isenhower
and Stokoe [22] questioned the internal consistency of resonant column tests results
under variable strain rates used to measure the stiffness of the soil at prescribed strain
level. Their results obtained using cyclic torsional shear tests clearly indicated that,
for medium plasticity silty clay, measured shear modulus increases with increase in
strain rates.

Several researchers, through experimental evidences, discuss the effect of fre-
quency/strain rate on the dynamic properties of the soil [3, 8, 25, 28, 44, 49, 54, 55,
60 and others]. According to Shibuya et al. [44], the damping ratio decreases in the
low-frequency range, increases in the high-frequency range and it is almost constant
in the medium range of frequency as conceptually represented in Fig. 11.15. Zovoral
and Campanella [60], using the results of limited number of tests with resonant
column and torsional cyclic tests, indicated that the increase in stiffness with strain
rate/frequency is significant in case of plastic soils, while in sands it is much smaller.
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Fig. 11.15 Frequency dependence of energy dissipated within a soil mass [44]

They concluded that frequency dependence of damping property is negligible for
both cohesive and cohesionless soils.

Laboratory investigation regarding effect of rate of strain on dynamic soil proper-
ties by Matesic and Vucetic [30] corroborated the results of Zovoral and Campanella
[60] through more detailed and systematic study. They reported that stiffness at very
small strains does not seem to be affected by the strain rate in low-plasticity soils.
However, in case of medium to high plastic soils an increase of the stiffness at very
small strainwith increasing strain rate is observed. Also their results clearly indicated
that, at higher strain levels, the stiffness reduction curves are affected by the strain
rate, soil stiffness generally increases with increasing strain rate. It is important to
note that all these tests were conducted at relatively small strain levels in the order of
less than 0.1%/s. Their main objective was to evaluate shear strain modulus factor,
αG defined as ratio of increase in shear modulus and increase in logarithm of rate
of strain (γ̇ ) that is, αG � (�G)/(� log γ̇ ) as discussed in Isenhower and Stokoe
[21].

Effect of loading frequency or strain rate on damping ratio is yet to be ascertained
clearly. However, as mentioned earlier, Shibuya et al. [44] have confirmed that effect
of loading frequency on damping ratio is evident. But, the researchers are still debat-
ing about general trend that can model dependency of damping property with respect
to loading frequency.Rix [41], through experimental study and followedby analytical
verification, reaffirmed the general trend of effect of frequency on damping suggested
by Shibuya et al. [44]. Results presented by Rix [41] with respect to shear modulus
agree well with that of other published results, that is shear modulus increases with
frequency of loading at all strain levels. According to Bray et al. [3] and Gookin et al.
[13] the damping ratio systematically decreases with increasing frequency. On the
other hand, a series of cyclic torsional shear tests on Ottawa sand conducted by Lin
and Huang [25] revealed that the internal damping of the soil at various strain levels
increased linearly between 2.5 and 8% in the frequency range of 0.1–20 Hz. Khan
et al. [23] reported that there is increase in damping in low frequency range (<60 Hz),
while it decreases in frequency range of 60–150 Hz and it becomes independent for
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frequencies greater than 150 Hz. Hence, in the studies reported in literature, the
trend of dependency of damping on frequency is put up with contradictory results.
Finally, to substantiate frequency effect on dynamic properties of soil, Carvajal et al.
[5] described a procedure of estimating the error between measured and computed
ground response using system identification procedure. The error thus estimated is
attributed to frequency dependence of shear modulus and damping. Accordingly,
these properties are adjusted as frequency dependent properties so as to match the
measured response. The trend is shear modulus increases with increase in frequency
and no such particular trend is observed for damping but it is observed that damping
ratio generally has a decreasing trend with increase in frequency.

In order to show that both nonlinear and frequency effects are significant in ground
motion prediction, Idriss [17] considered the difference in site amplification of soft
soil profile subjected to ground motions of different magnitude (M � 5.5 and M �
7) earthquakes scaled to same peak ground accelerations. The difference in ground
response for the input motions of same PGA but derived from earthquakes of dif-
ferent magnitude, is mainly attributed to frequency content of the ground motions.
Cameron and Green [4] studied the effect of near field and far field earthquakes at the
same location on site amplification. Using the data available they separated the sites
into groups namely, near field and far field based on hypocentral distances of less
than and greater than 50 km, respectively. The near field motions are considerably
more erratic and richer in high frequencies than far field motions. From their study
Cameron and Green [4] observed that, in case of near field sites site amplification
is considerably less than site amplification in case of far field sites. Hence they con-
cluded that frequency effect on site amplification is significant. In equivalent linear
method of analysis, damping is kept independent of frequency of excitation. This
has serious consequence on the computed results, even though computed response
closely matches with that of observed data in case of convolution process (case
of input motion being prescribed at base of the soil deposit), the high-frequency
response at the free surface results in unrealistically low spectral values. In case
of de-convolution process (i.e., case of prescribing input motion at the surface) the
response solutions of equivalent linear model diverge when the input motion is of
high amplitude or rich in high frequencies [22].

Prasad [36] has shown that the modulus is small and damping is large during
shaking at low confining pressures in laminar box tests on shaking table at 1 G
environment. It was also observed that the damping increases with the increase in
frequency of loading. Even the area of stress–strain loop, which represents the energy
dissipation in a cycle, was observed to increase with an increase in frequency. Prasad
opined that, perhaps the frequency effects are not visible at small strain levels (as
observed in the field tests and resonant column tests or cyclic shear tests at low
frequency). At larger strain levels, this effect is more. One possible reason for this
is that at large strain levels, magnitude of acceleration will be very high. Increase
in frequency increases the magnitude of acceleration further. Higher acceleration
on the particles of soil reduces the modulus due to inertia effect. Based on the
observations, he concluded that both inertia effect and frequency effect were visible
in the tests carried out. However, it was difficult to separate the two effects clearly.
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Effects of inertia are to reduce the modulus and increase the damping, whereas the
effects of frequency are to increase both modulus and damping. Though the absolute
effect of inertia was to reduce the modulus considerably, additional reduction in
modulus due to increase in frequency (which increases the acceleration)was probably
compensated for by the frequency effect. Thus, we can conclude that though effect
loading frequency on soil properties is debatable, in order to improve the accuracy
of response prediction of EQL method, particularly in the high-frequency range, it
may be appropriate to incorporate frequency effects into the analysis procedure.

The reasons for unrealistic frequency response of EQL analysis is mainly
attributed to employing constant values of shear modulus and damping throughout a
particular iteration for all frequency ranges. Since the amplitudes of strain associated
with low and high-frequency responses are distinctly different, apparently far from
actual values of shear modulus (G) and damping ratio (ζ ) are assigned when they are
obtained for single value of effective strain. Following reasons elucidate the cause
for these discrepancies:

• The maximum acceleration response is the contribution of high-frequency
response, hence the displacement and thus strain at these frequencies is smaller.

• The effective strain computed using constantR value is lower than the strains result-
ing from low frequency response and higher than the strain level corresponding
to high-frequency oscillations. Hence higher value of G and small value of ζ are
assigned to compute response at low frequency range.

• In the high-frequency range the strains are smaller than effective strain used to
obtain updated soil properties from their reference curves, obviously G is under-
estimated and ζ is overestimated.

• Although, high value ofG is expected to result in stiff response of low magnitudes
of strain andvice versa is anticipated in high-frequency range, the effect of damping
in frequency response is significant to give enhanced and attenuated responses at
low- and high-frequency ranges, respectively.

Therefore, in order to obtain more realistic responses at different ranges of fre-
quencies, the damping valuesmust be altered pragmatically. Incorporating frequency
dependent damping and shear modulus may not resolve the problem at hand because
the studies reviewed in this aspect have clearly indicated that the damping increases
in the frequency region of concern. Though studies have indicated that there is sig-
nificant effect of loading frequency on these properties, the database is too limited
to accommodate it in routine EQL analysis.

11.6 Natural Period of Layered Ground

The current state of research in the field of earthquake engineering mainly focuses
on modeling the seismic site effects in an appropriate and simplest possible manner.
Hence in the recent past, evolving reliable method to assess site effects is the primary
task of earthquake geotechnical engineering research throughout the world. One of
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the simplest analytical methods of assessing the site effects, in terms of amplification
corresponding to fundamental frequency of the soil deposit overlying bedrock, is
to consider the heterogeneous layered soil deposit overlying the bedrock as one-
dimensional homogeneous layer having equivalent constant shear wave velocity.

Often in practice, one-dimensional seismic response analysis of inhomogeneous
soil deposit is carried out for the case of vertically incident shear waves propagating
through horizontally layered soil deposit. Through several studies on free vibration
characteristics of two dimensional soil deposits, it has been recognized that the
fundamental period computed from one-dimensional analysis fairly represents the
fundamental period of wide and shallow sediment filled valleys of low shape factor
(ratio of depth of the valley to its halfwidth is less than 0.3) [34].Moreover, it has been
established byBard andBouchon [2] that the fundamental period of two-dimensional
soil deposits may be approximately related to one-dimensional fundamental period
of the deposit at the valley center and its shape factor.

Most of the international codes of practices prescribe average shear wave veloc-
ity of top 30 m of soil deposit (vs30) as parameter for site classification [9, 10]. On
the other hand, some of the seismic design codes such as building laws of Japan
adopt natural period of soil deposit as the criteria for seismic site classification [29].
Essentially, based on these site classification data, codes will provide soil amplifica-
tion or attenuation factors (scaling factors) to arrive at scaled elastic design response
spectra which are compatible with local soil conditions. In this regard, some related
studies have indicated that fundamental natural period of the surface layer above
the bedrock is more appropriate parameter to predict amplification ratios than vs30
criteria particularly for long period deposits [31, 59]. It may be pointed out that such
a rational method of computing design forces by appropriately accounting for local
soil condition is absent in Indian code of practice IS-1893 [20]. Currently, Indian
code classifies foundation soil into four categories depending on range of SPT-N
values and type of soil. There is immediate need for updating Indian seismic design
codes commensurate with other national codes by incorporating local site effects in
computation of design forces. For this purpose, fundamental natural period of the
soil deposit may be used as key parameter because it accounts for both stiffness and
depth of the surface soil deposit above the bedrock. Hence reliable assessment of
fundamental period of the soil deposit is an important primary step in seismic site
characterization particularly in the process of microzonation of urban area.

Perceiving its importance in seismic site characterization tasks, many methods
have been formulated and proposed to estimate reliably the fundamental period of
one-dimensional horizontally layered soil deposit. While implementing these meth-
ods, it is essential to idealize the soil deposit as a layered profile as far as possible
closely representing the actual shear wave velocity distribution. Uncertainty is evi-
dent in idealizing the actual profile into an equivalent layered system because of
complex variability of soil properties along the depth. As pointed out earlier, the soil
deposit may exhibit distinct continuous variation of soil properties depending upon
its genesis, stress history and other related process. However, questionably, even such
deposits displaying distinct continuous variation in soil properties are approximated
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as layered system. In such situations, employing the methods derived for layered
profiles may be inappropriate for estimation of fundamental period.

Methods based on weighted average of shear wave velocities of the layered soil
profile arewidely employed in practice to compute fundamental natural period. There
aremethodswhich are accurate andmore reliable thanweighted averagemethods, but
they are iterative in procedure and hence tedious. Consequently, they are unpopular
for quick estimation of fundamental period of soil deposits.

Since shear wave velocity and fundamental period are directly interrelated, many
empirical relationships have been proposed to compute average shear wave velocity
as an equivalent substitute to complex shear wave velocity profile of inhomogeneous
layered deposit. Summary and relative comparison of all empirical methods available
till then are given in the paper by Dobry et al. [7]. Among these methods weighted
average shear wave velocity method is most commonly employed in practice. For
a homogeneous soil deposit of total thickness H and constant shear velocity vs , the
fundamental period is given by,

T � 4H/vs .

In case of layered soil deposit, average shear wave velocity, v̄s is obtained to
compute fundamental period. Usually, for a soil deposit of N layers with shear wave
velocities vsi , and corresponding layer thicknesses Hi , v̄s is calculated as weighted
average of the layer shear wave velocities from,

v̄s � 1

H

N∑

i�1

vsi Hi

Then, fundamental period is computed using v̄s instead of vs . Thus,

T � 4H 2

∑N
i�1 vsi Hi

Madera [27] proposed an alternative method in which fundamental period
obtained for two-layered system overlying bedrock is used repeatedly to analyze
multilayered soil deposit. This procedure based on closed form analytical solution
is comparatively reliable but it is tedious compared to simple weighted average
shear wave velocity method. Dobry et al. [7] have proposed a non-iterative alter-
native approach basically derived from exact Rayleigh’s procedure. For the profiles
considered in their study, they noted that Rayleigh’s iterative procedure usually con-
verges, within acceptable error range (within ±3%), to fundamental period in the
first iteration itself. Based on this observation, a set of closed-form equations was
formulated for computation of the fundamental period as obtained in the first iteration
of Rayleigh’s equation.

An alternative method for computing natural fundamental period of layered
ground was proposed by Vijayendra et al. [52]. The proposed method primarily
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involves approximating the layered shear wave velocity profile with an equivalent
linearly varying shear wave velocity profile. The closed form exact analytical solu-
tion is used to compute the fundamental period of the deposit of linearly varying
shear wave velocity profile. For any layered profile with distinct shear wave veloc-
ity for each layer, curve fitting process using regression analysis can be employed
to get an equivalent linear fit. Thus, obtained curve fitting constants, consisting of
nonzero shear wave velocity at the surface and rate of change of shear wave velocity
along the depth, are used to derive an approximate relationship for the estimation of
fundamental period of the layered profile as

T � 2πH

vs0(0.324 + 1.254μ0.853)

where, vs0 and vsH are the shear wave velocities at the surface (ie., z � 0) and
at the bottom (ie., z � H) of the soil deposit obtained as curve fitting parameters
for linearly varying shear wave velocity profile representing the layered profile.
μ � vsH/vs0 is the ratio of base to surface shear wave velocities. It has been shown
that maximum error in computation of fundamental period of deposit having linearly
varying shear wave velocity profile using the above equation is about 0.25%.

In order to ascertain the efficiency of the method proposed by Vijayenda et al.
[52] over other methods, fundamental period computed from proposed method is
compared with that obtained by other methods such as weighted average method,
simplified Rayleigh’s method and with more rigorous Madera’s approach [7]. Also,
for the purpose of comparing these estimated results with realistic and exact values,
fundamental periods were computed using amplification function of transformation
matrix approach (SHAKE analysis).

In order to validate this method, data pertaining to four instrumented geotechni-
cal downhole arrays was employed. They are La-Obregon Park, La-Cienega, Eureka
Somoa, and El Centro-Meloland Geotechnical Arrays. These geotechnical down-
hole arrays were established as part of a project on site amplification studies by the
California Strong Motion Instrumentation Program (CSMIP) in California, USA.
Geotechnical data available at these stations include suspension logging shear wave
velocity profiles. The data related to shear wave velocity profile and earthquakes
recorded by these instrumented sites are available in CSMIP website. More details
about these arrays are given in Graizer et al. [12] and references cited therein.

The fundamental period computed from representative earthquake data recorded
at each of these four arrays is reaffirmed by comparing these results with periods
corresponding to first peak of the amplification transfer function obtained for the
corresponding site using SHAKE. The natural period computed from theory of mul-
tiple reflections of waves employed in SHAKE is almost same as the exact solution
[7]. Amplification transfer function between surface and depth H is obtained for low
damping value of 2% for all four sites and is as shown in Fig. 11.16. Also shown are
the periods corresponding to peaks representing fundamental period of the particular
soil deposit. The amplification shown in Fig. 11.16 is normalized using respective
maximum values such that amplification ratio is one for all the cases.
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Fig. 11.16 Fundamental
period computed from
amplification transfer
function of SHAKE program
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Table 11.2 The fundamental periods computed from different methods

Soil deposits–geotechnical arrays T (1)

(s)
T (2)

(s)
T (3)

(s)
T (4)

(s)
T (5)

(s)

La-Obregon Park 0.568 0.559 0.548 0.531 0.555

La-Cienega 0.930 0.850 0.822 0.853 0.834

Eureka Somoa 1.341 1.248 1.136 1.213 1.188

Elcento Meloland 2.184 2.011 2.597 2.020 1.956

T (1)—Weighted average method
T (2)—Simplified Rayleigh’s Method [7]
T (3)—Madera [27] method
T (4)—Method proposed by Vijayendra et al. [52]
T (5)—SHAKE analysis

Fundamental period computed fromdifferentmethods including proposedmethod
along with result of SHAKE analysis are tabulated in Table 11.2. As noted earlier,
the values obtained from SHAKE analysis closely represent exact results.

Figure 11.17 compares the results obtained from different methods including new
method proposed by Vijayendra et al. [52] with respect to exact value of fundamental
period computed from SHAKE analysis. Percentage error in the fundamental period
computed using different methods, including newly proposed method of this study,
with respect to results obtained from SHAKE analysis

(
T (5)

)
is presented using bar

graph in Fig. 11.18. The newly proposed alternative method presented here, has been
able to estimate the fundamental period

(
T (4)

)
which closely agrees (less than 5%

error) with the exact values in case of all the four deposits considered in this study.
The error associatedwith T (4) compared to exact value T (5) are 4.32%, 2.28%, 2.10%,
and 3.27%, respectively for La-Obregon Park, La-Cienega, Eureka Somoa, and El
Centro-Meloland soil deposits.
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Fig. 11.17 Comparison of
fundamental periods
computed from different
methods
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11.7 Shake Table Test on Performance of Model Structure
in Soft and Dense Ground

Saturated ground always poses problems during earthquake. One extreme situation
is when either the entire overburden or a part of it liquefies. One method of under-
standing the ground behavior for the purpose of site characterization is by model
testing to simulate the actual condition in the laboratory.

Model testing in earthquake geotechnical engineering is very expensive. It
involves (i) A large sized container that houses themodel groundwith structure, (ii) A
shaking table that simulates earthquake by creating vibration on which the container
is placed, and (iii) Transducers that record the response. A manual one-dimensional
shaking table fabricated at Sri Jayachamarajendra College of Engineering, Mysore
was used for the present work. The best features of this shaking table included abso-
lute economy, shaking of sufficient magnitude (0.5 g level of acceleration, 50 mm
double amplitude displacement at 2 Hz frequency) with minimum effort (10 kgf of
manual shaking), and pay load carrying capacity of 7.5 kN. The transparent container
made of acrylic plates was 1.67 m long, 0.5 m wide, and 0.6 m deep. Figure 11.19
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Assembly of Manual Shaking Table and 
Transparent Container 

Layout of model ground with positions of 
structure and sensors 

Fig. 11.19 Manual shaking table with schematic of transducer locations

shows the assembly of shaking table and acrylic container. Transducers consisted
of acceleration sensors and pore pressure sensors. The sensors were light in weight
(30 g), small in size (30mm× 30mm× 10mm), andwater tight. Signal conditioners
and data loggers could record the response at 500 Hz. All transducers were placed
inside the model ground so that they recorded the ground behavior better. Sand used
in the present study to prepare the model ground was fine and uniform. Colored sand
prepared using a black dye was utilized to form a grid of 100 mm square on the front
face to present the deformed shape of ground during shaking. Model structure was
made of 10 mm thick plywood. It was 300 mm × 300 mm square at the base and
possessed a height of 300 mm. The inside of it was filled with sand to achieve a total
weight of the structure of 210 N. The ground was prepared at different densities to
understand the effects of relative density on the seismic behavior. It was saturated to
consider the effect of excess pore water pressure generation and worst condition. The
baffle walls, filters, and inlet assembly at the base of the container helped gradual
saturation with minimum disturbance to model. Shaking was performed for 12 s.
Sinusoidal one directional shaking at 2 Hz was achieved.

It should be noted that there are many changes happening in ground under the
dynamic force of earthquake. Alternate horizontal force leads to stress axis transfor-
mation. Increased amplitude of motion during strong shaking will result in increased
strain level. As a result, there may be rise in excess pore water pressure if the soil
is fully saturated. The rigorous shaking can result in large inertial force. All these
factors are responsible for causing reduction in strength and stiffness of soil. This has
to be properly evaluated for accurate prediction of seismic performance. Table 11.3
and Fig. 11.20 indicate the result from shaking table test on model structure rest-
ing on foundation soil of different relative densities. Dynamic bearing capacity was
always less than the static bearing capacity. The margin of difference was more at
looser densities and the difference reduced when the density increased. The details
are presented in Prasad et al. [39].

It may be essential to consider the effects of strength and stiffness degradation
with time in one or more layers of ground depending on the situation. When some
layers in level ground liquefy, there may be deamplification in ground acceleration at
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Table 11.3 Static and seismic bearing capacities (qf) of model ground at different densities

Sl. no. Id (%) φstatic φdynamic Bearing
pressure (kPa)

qfstatic (kPa) qfdynamic (kPa)

1 25.41 33.26 8.70 2.322 37.92 1.68

2 26.37 33.51 9.77 2.400 39.62 1.91

3 40.22 34.00 12.38 2.333 44.07 2.71

4 62.52 34.40 23.52 2.322 50.44 11.55

5 72.24 34.70 32.66 2.277 54.57 40.59

Fig. 11.20 Degradation in
strength of foundation soil
under dynamic load

the surface as shear waves may not be transferred through liquefied ground in level
ground. However, the situation can be completely different in a sloping ground (even
if it has gentle slope) when the lateral movement of soil can be catastrophic. Most
available analysis procedures fail to consider this effect.

11.8 Comments on IS 1893-2016

Indian Standard code of practice for criteria for earthquake resistant design of struc-
tures has seen six revisions so far. The major changes between the previous version
and the recent one with regard to geotechnical aspects are presented in Table 11.4.
The main addition in the recent code is the introduction of simplified procedure for
Liquefaction Analysis and classification of soil into four types instead of three. Fur-
ther, no revision ismadewith regard to site effect. It is however accepted that there are
exceptions where resonance-like conditions have been seen to occur between long-



11 Issues on Seismic Site Characterization 243

Table 11.4 Comparison of geotechnical aspects in the recent two editions of IS 1893

Description IS 1893 [19] IS 1893 [20] Remarks

Code revision First published in 1962. It
is the fifth revision

First published in 1962.
It is the sixth revision

Type of structure Covers various structures
such as buildings, elevated
structures. There is no
clarity on important or
special structures such as
refineries, nuclear power
plants, large dams etc.

Provision is applicable
to all structures
including critical and
special structures such
as refineries, nuclear
power plants, large
dams

For critical and special
structures site-specific
hazard assessment shall
be made. It is the
minimum condition
specified

Temporary
structures and
excavations

Need not be designed for
earthquake forces

Minor or temporary
structures such as
parking structures,
security cabins,
ancillary structures,
scaffolding, excavations
need to be designed for
earthquake forces

No clear specification is
given. It may escalate
the cost

Assumptions Earthquake causes
impulsive ground
motions, which are
complex and irregular in
character, changing in
period and amplitude each
lasting for a small
duration. Therefore,
resonance of the type as
visualized under
steady-state sinusoidal
excitations, will not occur
as it would need time to
build up such amplitudes

Earthquake ground
motions are complex
and irregular, consisting
of several frequencies
and of varying
amplitudes each lasting
for a small duration.
Therefore, usually,
resonance of the type as
visualized under
steady-state sinusoidal
excitations will not
occur, as it would need
time to build up such
amplitudes. But, there
are exceptions where
resonance-like
conditions have been
seen to occur between
long-distance waves
and tall structures
founded on deep soft
soils

There is an
improvement in
understanding.
However, site effect is
not given sufficient
importance

(continued)
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Table 11.4 (continued)

Description IS 1893 [19] IS 1893 [20] Remarks

Soil Types Three categories of soils
are considered
Type 1 includes rock or
hard soil, GW, GP, SW, SP
or SC having N > 30. 50%
increase in ABP is
permitted
Type 2 includes medium
soil having N between 10
and 30 and SP or GP with
N > 15. 25% increase in
ABP is permitted
Type 3 included Soft Soil.
All soils other than SP
having N < 10 are in this
category. No increase in
ABP is permitted

Four categories of soils
are considered
Type A includes rock or
hard soil and all soils
with N > 30. 50%
increase in ABP is
permitted
Type B includes
medium or stiff soil
(usually SP, ML & CL)
with N between 10 and
30. 25% increase in
ABP is permitted
Type C includes soft
soil, other than SP
having N < 10. No
increase in ABP is
permitted
Type D includes
unstable, collapsible
and liquefiable soil
Ground improvement or
pile foundation up to
better soil is essential

Very poor soil (Type D)
considering
vulnerability under
earthquake is identified
and ground
improvement or pile
foundation is suggested
compulsorily on such
soil

N value Soil is classified based on
N value

Soil is classified based
on N value up to Type C
and seismically
vulnerable soils are
identified as Type D

Soil type is purely
based on N and not on
geologic classification,
soil type, groundwater
conditions or
liquefaction potential
for most soils. No
mention on how to
identify Type D soil is
made. Only overburden
correction is mentioned
for N

Depth of soil
exploration

Weighted N value from
depth of foundation to
twice the width in shallow
foundation.

Weighted N value from
depth of foundation to
twice the width in
shallow foundation.

Clarity on weightage is
not available

(continued)
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Table 11.4 (continued)

Description IS 1893 [19] IS 1893 [20] Remarks

Liquefaction
potential

No mention is made Loose submerged sand
(SP) having N < 10 in
Zone II and N < 15 in
other zones are
considered vulnerable.
Suggested to avoid such
sites, or improve the
ground or provide pile
foundation
Simplified procedure to
identify liquefaction
potential as per Seed
and Idriss approach is
suggested

Code does not suggest
the required minimum
factor of safety

distance waves and tall structures founded on deep soft soils. The empirical formulae
for the determination of fundamental period for different structures continue to be
the same as in the previous revision.

11.9 Concluding Remarks

Seismic Site characterization is an extremely important procedure, especially in
seismically active zones and for all important structures. There are many issues on
this aspect which still need to be addressed to eliminate the variations in results. The
following are some important issues addressed in this paper.

• Consideration of continuous variation in soil properties at the transition between
layers instead of abrupt change in properties as in layered soil idealization may be
useful.

• More refinedprocedure for computing effective strain to update dynamicproperties
of soil may reduce the scatter.

• The differences between actual behavior and prediction from analysis may also
be attributed to the frequency effect which is normally not considered in seismic
analysis of ground.

• It is important to assess the fundamental period of ground along with the structure
founded on it more precisely so as to estimate the near resonance effect during
earthquakes. The available methods show significant variations.

• Consideration of reduction in strength and stiffness of groundwith time, especially
in liquefiable ground may be essential.

• The above results emphasize the need for microzonation of at least important cities
in seismically active zones. Microzonation will enable in estimating the natural



246 S. K. Prasad et al.

frequency of ground at a location more accurately. It will then be possible to
estimate the most vulnerable structure at a particular location.

• The present IS codal provision does not address the issue of site effect thoroughly.
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Chapter 12
Dynamic Tunnel–Soil Interaction in Soft
Soils Considering Site-Specific Seismic
Ground Response

Deepankar Choudhury, Milind Patil, P. G. Ranjith and Jian Zhao

12.1 Introduction

The construction of underground structure is becoming popular with an increase in
the population in urban areas to fulfill the demand of public infrastructure facilities.
Most of the megacities in the world constructing tunnels as a part of transportation
system or other utility projects. These tunnels lie at shallow depth and pass through
a soft soil zone. Tunnelling project in soft soil requires meticulous considerations to
safeguard it against all possible loading conditions. Among the considerations, one of
the most important aspects is to minimize damages during an earthquake. In the past,
it was assumed that underground structures are less vulnerable to earthquakes com-
pared to surface structures. Many tunnels have been constructed in seismically active
regions, such as in Japan, Taiwan, Italy, theU.S., andMexico,without considering the
effect of seismic loading. These tunnels have experienced minor to major damages
during past earthquake events (1989 Loma Prieta earthquake; 1995Kobe earthquake;
1999 Chi-Chi earthquake; 1999 Duzce earthquake; 2004 Niigata earthquake; 2008
Wenchuan earthquake; 2011 Tohoku earthquake) [1–3]. Effects of earthquake on
underground structures and factors influencing seismic damages are summarized in
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this article. The stresses in the tunnel lining are mainly depend on the surrounding
groundmovement, which makes the behavior of tunnel displacement controlled. The
additional displacement that is generated during an earthquake translates the stresses
in the tunnel, leading to severe damages in tunnels. Several past studies have shown
a significant increment in tunnel lining forces under seismic conditions [4, 5]. Power
et al. [3] and Penzien and Wu [5] gave closed-form analytical solutions to estimate
the response of tunnel lining in terms of thrust and bending moment and quantified
the racking and ovaling in the tunnel. Tunnels constructed in soft soil and weak rock
are more vulnerable to seismic loading when compared to those that are constructed
in an intact rock; nonetheless, very less studies are available explaining the seismic
behavior of a tunnel in soft soil due to inadequate field observations and experimental
data. Most common methods to assess the effects of ground motion on underground
structures are ground deformation method and free-field shear deformation method.
Owen and Scholl [6] described the various forms of tunnel deformations, such as
axial deformation, curvature deformation, racking, and ovaling deformation fos-
tered by seismic loading. The tunnel is designed to accommodate above mentioned
deformations caused by an earthquake-induced ground shaking. Hashash et al. [7]
explained the three-step method to quantify seismic hazard at a tunnel site and to
determine magnitude of seismic loads appropriate to their location. Hashash et al. [7,
8] and Patil et al. [9] extensively reviewed the various methodologies that are used
in practice of seismic analysis and design of underground structures. These methods
are useful in determining stresses in tunnel lining under seismic loading conditions.
Few researchers have studied the effects of various parameters such as input ground
motion, ground density, tunnel flexibility, and depth on the seismic behavior of tun-
nels by performing centrifuge tests [10–14]. In the present state-of-the-art study,
many research articles that involve experimental [15, 16], numerical [17–22] and
analytical [23–25] studies, have been reviewed to understand the seismic behavior
of tunnels. Various approaches that are practiced in seismic analysis of tunnel and
other underground structures with similar characteristics are summarized and their
significances are discussed herein. Also, a detailed comparison between seismic
design philosophies based on simplified analytical methods and numerical solu-
tions is presented. The available analytical solutions do not include effect complex
ground conditions. Thus, the accuracy of prediction of lining forces is questionable
[26]. Therefore, a complete analytical solution coupled with numerical modeling is
needed to investigate the performance of tunnel under seismic load. It was observed
that some complex issues related to soft soil tunnelling are yet to be addressed. It is
important to explore them in detail, such as: (a) estimation of tunnel distortions with
respect to seismic loading, (b) Evaluation of excess tunnel lining forces generated
by ground shaking, (c) assessment of performance of different shapes of tunnel, and
(d) effect of tunnel–soil interface conditions.

The present study investigates the complex behavior of shallow tunnels in soft
soil under seismic loading conditions. A detailed finite element (FE) analysis has
been carried out by using PLAXIS 2D AE.02. Numerical modeling methodology
is discussed in detail and results are compared with available analytical solutions.
Thereafter, a parametric study has been performed to perceive the effect of input
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ground motion, tunnel–soil interaction conditions, and shape of the tunnel on the
response of tunnel and surrounding soil under seismic loading. Results of analyses
are reported in the form of distortion of tunnel, variation of the maximum dynamic
earth pressure and the residual earth pressure around the tunnel, and the distribution
of thrust and bendingmoment in the tunnel lining. The output of the present studywill
help in understanding the qualitative behavior of tunnel–soil system under seismic
loading conditions. In addition, it will be useful in assessing additional stresses in
tunnel lining and deformations with stresses within the surrounding soil.

12.2 Effects of Earthquake on Tunnel

In general, earthquake effects on tunnel can be grouped into two categories—ground
failure and ground shaking. Ground failure refers to various types of ground insta-
bility such as fault rupture, liquefaction, landslides, tectonic uplift, and subsidence.
Ground shaking includes vibration of the ground produced by seismic waves prop-
agating through the earth’s crust [1, 3, 7, 27]. Various types of tunnel damages and
their causes are summarized in Table 12.1.

12.2.1 Parameters Influencing Damage to Tunnels
in Seismic Conditions

Hashash et al. [7] reported that damage to the tunnels decreases with increase in the
overburden depth. The severity of damage depends on the peak ground acceleration,
the distance from the epicenter, duration of the earthquake, and the earthquake mag-
nitude. Damages at the near tunnel portals can be significantly attributed to slope
instabilities. The large incremental lateral forces from the surrounding soil causes
damage to cut-and-cover structures [6]. The important parameters that influence the
damage to tunnels due to ground shaking are as follows [1, 2, 27, 29]:

Table 12.1 Various types of tunnel damage and possible causes [28]

Damage Possible cause

Severe cracking of tunnel lining Differential movement of ground under the
tunnel

Racking of tunnel Tunnels on skews with unbalanced soil
pressures

Shifting, tilting or raising of tunnel Liquefaction of surrounding soil

Falling rocks or tiles inside or outside the tunnel Resulting from vibration of tunnel

Tunnel cave-in Damage to structural members from shaking
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(1) Magnitude of earthquake: severe damage occurred when typically, the earth-
quake magnitude is more than 6 on Richter scale.

(2) Distance to epicenter: severe damages occur when the epicentral distance is less
than 25 km.

(3) PeakGroundAcceleration (PGA): severe damageswere reportedwhen the PGA
is more than 0.5 g (where g is the acceleration due to gravity).

(4) Geological conditions: severe damages to tunnel during 2008 Wenchuan earth-
quake when the tunnel is located near the seismically active fault. Jiang et al.
[2] divided geologic conditions based on soft bedrock and hard bedrock.

(5) Depth of the tunnel/Overburden.
(6) Tunnel–soil interface conditions (relative stiffness).
(7) Completion time (age of the tunnel).

12.3 Seismic Design Philosophy for Underground
Structures

Wang [4] explained the difference between surface structures and underground struc-
tures with respect to their behavior under seismic loading. The seismic design
approach for the underground structure is different than that of the surface struc-
ture. In surface structures, depending on their own natural frequencies, amplification
of cyclic load occurs when subjected to the ground excitation. The “Force Method”
analysis and design approach is used for surface structures; the seismic loads are
largely expressed in terms of inertial forces. In contrast, the “Deformation Method”
used in analysis and design of underground structures which is based on an approach
that focuses on the displacement of the ground and the structure. Underground struc-
tures neither could move independently due to lateral confinement nor subject to
vibration amplification. The simplest design method consists of pseudo-static analy-
sis; indeed, this should be considered a kinematic approach, since the seismic action
is taken equivalent to a shear strain assigned at the tunnel depth. Such an assumption
is supported by field observations suggesting that the damage of the tunnel under
seismic loads is strongly influenced by the deformation of the surrounding soil [30].
Wood [31] proposed the analytical solution based on the dynamic modal analysis.
This solution is applicable for non-yielding rigid embedded walls and assumes the
rigid behavior of structure. Therefore, mostly it is not recommended for seismic
analysis of flexible underground structures. The soil nonlinearity causes the ampli-
fication of motion which is not considered in this method. The analytical methods
adopt simplified closed-form expressions to determine seismic incremental lining
forces, based on the maximum shear strain in the subsoil computed in free-field con-
ditions by pseudo-static or dynamic one-dimensional site response analysis [4, 5, 32].
This assumption corresponds to an uncoupled approach, neglecting the kinematical
interaction between soil and structure. In closed-form analytical solution proposed
by Hashash et al. [7], the dynamic tunnel lining forces depend on the maximum shear
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strain of the soil in free-field conditions. Most of the methods do not consider the
nonlinear properties of the soil and tunnel.

Seismic loads are considered as a cyclic, superimposed, and time-dependent loads.
Determination of these seismic loads involves certain degree of uncertainty. Three
kinds of earthquake events are used for the determination of seismic loads in the
design or safety evaluation analysis of a tunnel, which are given as follows:

• Maximum credible earthquake (MCE).
• Maximum design earthquake (MDE) or Safety evaluation earthquake (SEE).
• Serviceability limit state earthquake (SLSE), also known as an operating basis
earthquake (OBE), this can be simplified as a static live load and combined with
other live loads.

In addition, the characterization and quantification of seismic hazard that tunnels
may encounter are also needed. This requires definition of the damage, formation of
plastic hinges, and extent of cracking, movement, and so on [33].

12.3.1 Seismic Design Steps for Underground Structures

Hashash et al. [7] suggested the following three steps for seismic analysis of tunnels.

• Definition of seismic environment
• Evaluation of the ground response to shaking
• Assessment of structure behavior due to seismic shaking.

Definition of Seismic Environment. There are twomethods to determine ground
motion parameters for velocities and accelerations (i) the deterministic seismic haz-
ard analysis (DSHA), and (ii) the probabilistic seismic hazard analysis (PSHA). The
later is relatively recent and gives the range of anticipated groundmotions along with
their probabilities of occurrence of an event. The components of ground motion can
be represented by displacement, velocity or acceleration coupled with three impor-
tant parameters; frequency, amplitude, and duration. The probabilities can be used
to deduce the required protection level against earthquake forces [7].

Evaluation of the Ground Response to Shaking. Ground response to shaking
may vary between failures to no/limited damages. Ground failure caused by seismic
loading includes liquefaction, lateral spreading, landslides and fault rupture. Ground
shaking, and deformation will be the most expected behavior during and after an
earthquake event.

Assessment of Structural Behavior. There are several engineering approaches
to compute the deformation and forces in tunnel lining induced by seismic loading.
These deformation and forces depend on the type of ground, the type of structure
and, the interaction between the soil and tunnel.
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12.4 Response of Tunnel to Seismic Loading

Response of a tunnel to seismic load can be expressed in the formof deformations and
associated strains caused by surrounding soil movement during shaking. Based on
the type of waves, the direction of soil movement can be divided into longitudinal and
transverse direction of tunnel based on the type of wave. Methods used to determine
force and deformations in tunnel lining corresponding to ground motion are briefly
described here.

12.4.1 Free-Field Deformation Method

In this method, it is assumed that the seismic ground deformation occurs in absence
of tunnel. Deformations induced by the seismic event are estimated by ignoring
the stiffness of the tunnel and then the tunnel is designed to sustain these free-field
deformations. It is a simplified method that gives realistic results if the flexibility
of tunnel is approximately equal to the surrounding soil medium. This method is
suitable where ground distortions in the tunnel are small [3, 4, 7].

12.4.2 Ground Deformation Method

It is assumed that tunnels move along with surrounding soil mass during an earth-
quake event. The tunnels are designed to withstand the deformations imposed by the
surrounding soil. Though the soil-structure interaction plays a predominant part in
seismic response of tunnel, the effect of interaction condition is not considered in
this method. Interaction effect should be considered in the analysis when the tunnel
is surrounded by soft soil. A tunnel undergoes three major modes of deformation
due to seismic shaking [6]:

• axial deformation,
• curvature deformation,
• ovaling (for circular tunnels) or racking (for rectangular tunnels).

A numericalmodel is necessary to understand themechanismof all threemodes of
tunnel deformation as described above. Among the three types of deformations, the
ovaling/racking of tunnel cross-sections caused by a shear wave propagating normal
to the tunnel axis is the most critical deformation when it comes to the impact of
earthquake on tunnels [34].

Axial and Curvature Deformation. Seismic waves that travel parallel or
obliquely to the tunnel, develop axial and curvature deformation. Tunnel lining must
accommodate the deformations in the longitudinal direction [6]. Figure 12.1 shows
the schematic representation of axial and curvature deformation.
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Fig. 12.1 a Axial deformation and b curvature deformation along the tunnel axis (Modified after
Owen and Scholl [6])

Ovaling or Racking Deformation. The ovaling or racking deformation in tunnel
occurs when waves propagate in a direction perpendicular to the tunnel longitudinal
axis, thereby distorting the cross-section of tunnel lining. Deformation in the trans-
verse direction is the most critical among all deformations that need to be considered
in designing of tunnel [6]. Figure 12.2 shows the ovaling and racking deformation
related with circular and rectangular tunnel, respectively.

Fig. 12.2 a Ovaling deformation in circular tunnel and b racking deformation in rectangular tunnel
(Modified after Owen and Scholl [6])
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Fig. 12.3 Forces andmoments in tunnel lining a caused by seismic waves propagating along tunnel
axis. b Caused by seismic waves propagating perpendicular to tunnel axis [3]

12.4.3 Tunnel–Soil Interaction Approach

Based on the finite element analysis, Wang [4] reported that the seismic response
of tunnel is dominated by the geometry of structure, relative stiffness of the tunnel
with respect to the surrounding soil, depth of the tunnel and characteristics of the
ground motion. The free-field ground deformation method is based on unrealistic
assumptions. Thus, it is important to adopt a methodology which is more realis-
tic incorporating soil-structure interaction approach. In this method, concept of the
beam-on-elastic foundation is used to model the effects of soil-structure interaction.
Closed-form solutions are available for circular tunnel–soil interaction. For the seis-
mic analysis of tunnel at shallow depth, simplified tunnel–soil interaction curves
were proposed by Wang [4] and Penzien [32]. Figure 12.3 shows the shear force,
moment and thrust in tunnel lining caused due to seismically induced free-field axial,
curvature and shear deformations.

12.4.4 Pseudo-Static Methods

Mononobe-Okabe Method. This method is useful for the design of a rectangular
tunnel. Japanese Society of Civil Engineers recognized this method for designing of
earthquake resistant submerged tunnels. Also, this method is used to ascertain the
dynamic earth pressure on the tunnel walls, caused by the inertial force of surround-
ing soil [35, 36]. The Mononobe-Okabe method was primitively used for seismic
analysis of above-ground structures. It is based on an assumption that the structure
canmove and/or tilt in such a way that an active Coulomb type soil wedge form in the
backfill soil [37–50]. According to Wang [4] and Hashash et al. [7] the assumption
that, the moving and/or tilting wall, is not appropriate for tunnels. This method over-
estimates the deformation and moment in the tunnel lining. It gives more unrealistic
result with increase in depth of embedment of a tunnel. Hence, it is impractical to
use in seismic analysis of tunnel. The application is limited to the typical ‘U-section’
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type of underground construction or in case of shallow tunnel. Despite this drawback,
the method was implemented in the Los Angeles Metro Project. Also, this method is
commonly used for conventional design and analysis of various underground struc-
tures [37–50] by considering the effect of earthquake as equivalent static condition.
Additionally, the over-simplicity of this method for seismic earth pressure estimation
for a dynamic problem by converting it to equivalent static problem is found to be
inappropriate as highlighted by various researchers in recent past [51–71].

Wood Method. Wood [31] derived a theoretical equation to determine dynamic
earth pressure. This method gives the 1.5–2.0 times higher dynamic thrust than the
Mononobe-Okabemethod. Thismethod is possibly useful for the tunnels constructed
in a very stiff soil or rock. Like Mononobe-Okabe method, this method also leads
to impractical results and therefore, not advisable to use in tunnel with large cover
depth. It is perhaps applicable in a cut-and-cover tunnel, where the walls act as rigid
shear wall that prevents the lateral movement of tunnel during earthquakes.

12.5 Finite Element Analysis

The objective of present study is to understand the response of tunnel in soft soil under
seismic loading by considering in situ complex conditions. A tunnel–soil system has
been modeled using finite element (FE) based specialized geotechnical computer
program, PLAXIS 2D AE.02, in order to perform nonlinear plain-strain numerical
analysis. The lateral extent of the numerical model, mesh size and the boundary con-
ditions are optimized by performing sensitivity analysis. A Mohr–Coulomb model
has been used to define the soil behavior, and linear elastic model is used to simulate
tunnel lining. Yield strength (El) and Poisson’s ratio (ν l) of the concrete was taken
as 32 GPa and 0.18, respectively. A similar methodology has been used earlier by
many researchers [19, 22, 72] to simulate tunnel–soil system in numerical modeling.
Figure 12.4 shows a schematic representation of a two-dimensional numerical model
of tunnel in soft soil.

12.5.1 Problem Definition and Domain

An ideal deposit of Class D type of soil as described in NEHRP [73] is assumed
as reference soil medium. Figure 12.5 shows the variation of shear wave velocity
(Vs) and shear modulus (Gmax) with depth. In the present analysis, two different
acceleration–time histories were considered, 1989 Loma Prieta earthquake, and 1995
Kobe earthquake, as shown in Fig. 12.6a, b. The Fourier amplitude spectrum of the
input ground motion is presented in Fig. 12.7a, b, it shows that most of the energy
content of the ground motion is within the range of frequencies of 0.5–5 Hz. In
nonlinear fully dynamic numerical analysis, the soil behavior is primarily dominated
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Fig. 12.4 Schematic diagram of tunnel–soil system adopted in numerical analysis
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by dynamic properties of the soil. Therefore, shear wave velocity (Vs) is considered
as a primary input parameter and strength parameter (undrained shear strength, Su)
of the soil, which is calculated from the expression given by Dickenson [74].
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12.5.2 Calibration of Damping and Rayleigh Coefficients

During an earthquake, soil particles are subjected to oscillations, with time energy
gets dissipated within a material and attenuation of seismic waves take place due
to hysteretic damping. In constitutive modeling, the Mohr–coulomb has a limitation
in generating hysteretic damping behavior. This was compensated using frequency-
dependent Rayleigh damping formulation in terms of viscous damping. Rayleigh
viscous damping is introduced by using α and β, mass and stiffness proportional
damping coefficients, respectively. These coefficients are functions of target damping
ratio (ξ t) and frequency range (ωm, ωn) over which damping is equal to or less than
ξ t . In the present analysis, the two frequencies are identified through an iterative
procedure suggested by Amorosi et al. [75] that consider the frequency interval
characterized by the highest energy content in soil deposit and the amplification
function between surface and base level.

Also, the equivalent linear earthquake site response analysis has been done based
on the equivalent linear visco-elastic approach [76–78]. It was assumed that the
results of one-dimensional analysis performed in the frequency-domain using equiv-
alent linear visco-elasticity coincide with the correspond ing two-dimensional finite
element analysis performed in time-domain by taking the same constitutive behavior,
provided appropriate calibration of parameters is carried out. The calibrated material
parameters are utilized in subsequent numerical analyses to simulate realistic field
conditions.

Equivalent Linear Earthquake Site Response Analysis. An equivalent linear
seismic site response analysis for each selected inputmotion has been carried outwith
the program SHAKE2000 of Ordonez [79] to determine target damping ratio. The
outcomesof theSHAKE2000analysis plotted against depth inFig. 12.8 formaximum
shear strain (γ max), normalized shear modulus (G/Gmax), damping ratio (D), and
maximum acceleration (amax). The resulting damping ratio values are adopted as the
target damping ratio. These damping values incorporate stiffness degradation as well
as damping variation with strain for the whole soil continuum. Finally, the Rayleigh
coefficients are calculated for the obtained target damping and subsequently used
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Fig. 12.8 Results of the 1D ground response analysis performed with SHAKE2000 for 1989 Loma
Prieta earthquake and 1995 Kobe earthquake

in FE analysis. Similar studies on the site-specific seismic ground response analysis
were considered by various researchers in recent past [80–86].

12.5.3 Parametric Study

Detailed parametric study to investigate the effects of shape of tunnel, tunnel–soil
interaction condition, and input ground motion characteristic on seismic response
of tunnel in soft soil has been conducted using two-dimensional (2D) finite element
(FE) based computer program PLAXIS 2D AE.02 [87]. Four types of tunnel shapes
(circular, square, square with rounded corners, and horseshoe) are examined. For
tunnel in soft soil, the effects of interface conditions between the tunnel and soil are
important to consider. Two tunnel–soil interface conditions are analyzed: (i) full-slip
(μ � 0, μ is the soil–tunnel interaction coefficient) condition and (ii) no-slip (μ �
1) condition. Various peak ground accelerations (PGA) are considered for present
analysis. Two selected earthquake motion data (a) 1989 Loma Prieta earthquake
and (b) 1995 Kobe earthquake with necessary scaled down or up to get PGA of
0.2, 0.4, and 0.6 g are considered. In present study, the scaled input motion with
PGA 0.4 g of Loma Prieta earthquake and Kobe earthquake are denoted as EQ1 and
EQ2, respectively. The representative numerical analysis outputs for circular and
rectangular tunnels are shown in Figs. 12.9 and 12.10, respectively.
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Fig. 12.9 2D FE analysis results: a deformed mesh, b total moment and c thrust in circular tunnel
lining (earthquake: EQ1)

Fig. 12.10 2D FE analysis results: a deformed mesh, b total moment and c thrust in rectangular
tunnel lining (earthquake: EQ1)
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12.5.4 Comparison of Present Results with Available
Solutions

The results of 2D numerical analyses are compared with the results obtained from
analytical expressions provided by Wang [4] and Penzien [32]. Figure 12.11 shows
the comparison between the numerical analysis results and analytical solutions in
terms of bending moment and thrust in the tunnel lining under no-slip condition.
The comparison is made to verify the modeling methodology and to support the
assumptions made in the analysis. Tunnel diameter of 6 m is considered in the analy-
sis with varying lining thickness to get different combinations of flexibility ratios. It
was observed that analytical solutions slightly underestimate the moment and thrust
in the lining when the distortion in tunnel is high. Few other researchers have made
similar observations [8]. The results of numerical analysis are matching very well
with the results of analytical solutions. The solution given by Penzien [32] overpre-
dict the thrust in tunnel lining at some occasions. Overall there is a discrepancy of
around 4–19% in determining maximum thrust and 2–9% in determining maximum
bending moment. This variation is due to the consideration of nonlinear behavior of
soil and amplification of seismic waves in the numerical model. While elastic mate-
rial behavior is assumed in analytical solution and amplification is not considered.
Finally, another possible source of differences is the fact that in the present analyses
modulus degradation and damping variation are considered along the depth, whereas
an average strain at tunnel axis level is considered in the analytical solutions.
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12.5.5 Results and Discussions

Comparison of Response of Different Shapes of Tunnel. The effects of shape of
tunnel on seismic response are examined under earthquake EQ2. Four conventional
shapes, circular, square, and horseshoe tunnel are analyzed along with newly pro-
posed square with rounded corners. Figure 12.12a shows the schematic diagram of
various shapes of tunnels that are analyzed in the present study. The equality in tunnel
size and field stresses are maintained by selecting appropriate dimensions of tunnels
that give the same volume of excavation in all cases. Also, all other factors such as
loading conditions, tunnel embedment depth, and lining thickness are kept same in
all cases. Sign convention used for representing the response of tunnel in terms of
lining forces is shown in Fig. 12.12b. Figures 12.13, and 12.14 show, respectively, the
maximum thrust and bending moment induced by seismic loading in tunnel lining of
circular, square, square with rounded corners and horseshoe shapes. It was observed
that the maximum thrust is generated in square with rounded corner tunnel lining due
to the combined action of normal and hoop stress, as shown in Fig. 12.13. This type
of combined action of thrusts is not observed in other shapes of tunnel. However, it
can be noted from Fig. 12.14 that at the corners of square tunnel, bending moment
is higher than that in the square tunnel with rounded corners. Rounded corners in
the square shape subsequently reduced the bending moment, as observed. Overall,
the circular tunnel lining shows the better performance compared to other shapes of
tunnel in terms of resisting developed stresses under the seismic loading of EQ2.
Thus, it is concluded that shape of the tunnel plays an important role in governing
overall response of the tunnel–soil system for combined loading conditions.

Influence of Contact Interface Between Tunnel and Soil. A circular tunnel of
6 m diameter and 0.25 m thickness is adopted to investigate effect of interface condi-
tion on seismic response of tunnel. Two extreme interface conditionswere considered

Fig. 12.12 a Different shapes of tunnels and b sign for the maximum thrust, Tmax , and bending
moment, Mmax , in the tunnel lining
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Fig. 12.13 Variation in maximum thrust, Tmax , in the tunnel lining with different shapes (under
EQ2)

Fig. 12.14 Variation inmaximumbendingmoment,Mmax , in the tunnel liningwith different shapes
(under EQ2)

in the analysis, full-slip (μ � 0) and no-slip (μ � 1) interface conditions. The full-
slip condition occurs in absence of tangential shear force at the interface between
tunnel and soil. Full-slip assumption may underestimate the maximum thrust and
overestimate the maximum bending moment. No-slip condition occurs when the
contact between tunnel and soil is fully rigid. In no-slip condition, tunnel and soil
move together under seismic loading conditions. Practically, interface condition lies
somewhere in between full-slip and no-slip. Perfect full-slip condition is possible in
tunnels that are constructed in rockwith significant cover thickness.No-slip condition
may exist when tunnel pass through a soft soil at shallow depth. Hence, it is impor-
tant to evaluate the performance of tunnel under both conditions and more critical
condition should be considered for design. Response of tunnel in transverse direction
has been investigated under earthquake ground motion of EQ2. Figure 12.15 shows
the lining deflections in circular tunnel. These are normalized with free-field ground
deflections as function of flexibility ratio (F). Distortion in shallow tunnel is much
higher compared to the deep tunnels that resulted into the ovaling deformation in
shallow tunnel. In the case of a full-slip condition, the distortion in the tunnel lining
increases between 5 and 21% when compared to no-slip interface condition. At a
greater depth embedment ratio (C/D > 2), a negligible slip between soil and tunnel is
observed that is attributed to immobilization of full shear strength at the tunnel–soil
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interface. Also, there is a no significant change in distortion in rigid tunnels when
depth of embedment is increased.

Effect of Input Ground Motions. Earthquake induces additional earth pressure
on the tunnel lining. The effect of input ground motion characteristic on tunnel and
surrounding soil has been studied by varying PGAvalue from 0.2 to 0.6 g. The results
of the parametric study are presented here for the prediction ofmaximumand residual
dynamic earth pressures. Figure 12.16 shows the distribution of maximum dynamic
earth pressure along the perimeter of the circular tunnel lining, that are obtained from
FE analysis (for sign convention refer to Fig. 12.12b). The maximum dynamic earth
pressure refers to the additional pressure that is generated by earthquake-induced
shaking on tunnel lining. It was observed that maximum dynamic earth pressure
increases with increase in amplitude of input ground motion; however, the location
of maximum earth pressure remains same. The maximum dynamic earth pressure is
86.4 kPa, observed at θ � 225° at PGA of 0.6 g. The earth pressures during seismic
loading are 17–32% more than earth pressure due to only static load. The residual
dynamic earth pressure is an earth pressure that is generated during an earthquake and
remains there at the end of the earthquake. So, this is the net permanent incremental
earth pressure that tunnel must resist in addition to the parent earth pressure and is as
shown in Fig. 12.17. The maximum residual earth pressure (35.02 kPa) is obtained
at θ � 135° at PGA of 0.6 g. The shoulder parts of the tunnel lining in opposite
combinations (θ � 135° and θ � 315°) and (θ � 45° and θ � 225°) experiences
the maximum dynamic earth pressure due to cyclic loading, this results into ovaling
deformation of tunnel under seismic loading condition. The obtained results indicate



266 D. Choudhury et al.

Fig. 12.16 Maximum
dynamic earth pressure
around the tunnel lining at
PGA � 0.2, 0.4, and 0.6 g
(input ground motion: Kobe
earthquake)
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Fig. 12.17 Residual
dynamic earth pressure
around the tunnel lining at
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(input ground motion: Kobe
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the strong influence of amplitude of input ground motion on the maximum and
residual dynamic earth pressures. For higher PGA value, the earth pressure will be
more.

12.6 Conclusions

A state-of-the-art review of seismic analysis of tunnel in soft soil is presented. It
includes information on effect of earthquake on underground structures and param-
eters influencing damage to tunnel. Various approaches of estimation of ground
deformation have also been discussed. Tunnels that are enclosed in soft soils suf-
fer higher damage compared to tunnels in rock. Proper consideration of seismically
induced forces in soft soil–tunnel design is essential. Few analytical methods have
been developed to obtain forces in tunnel lining, but it does not incorporate effect of
soil-structure interaction. The available analytical solutions are not enough to include
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complex ground conditions and hence a comprehensive analytical solution coupled
with numerical modeling is necessary to understand the effect of seismic load on
the performance of tunnel in soft soil. The effect of soil-structure interaction plays
a predominant role in the seismic response of tunnel when the tunnel is enclosed in
soft soil mass and therefore should be properly considered in the analysis.

The equivalent linear earthquake ground response analysis has been carried out to
calibrate the material parameters that are serving as an input in finite element anal-
ysis. It was observed that selection of Rayleigh frequencies is crucial in achieving
target damping in numerical modeling. A procedure for the calibration of the stiff-
ness and Rayleigh damping parameters are discussed. An attempt has been made to
study the influence of seismic loadings on tunnels in soft soil by using a FE-based
program, PLAXIS 2D AE.02. A series of parametric study was performed to inves-
tigate the effect of shape of tunnel, tunnel–soil interface condition and input ground
motion on response of tunnels in soft soil. Comparison between numerical analysis
results and analytical solution is presented and the limitations of later were high-
lighted. Soil–tunnel interface conditions have a significant contribution in deciding
the distortion in the tunnel lining. The distortion in the full-slip interface condition
is found to be 5–21% more than that in no-slip interface condition. Interface condi-
tion significantly influence the magnitude of the bending moment in tunnel lining.
Full-slip condition generated 18% higher bending moment in tunnel lining when
compared no-slip condition. The shape of the tunnel plays a vital role in deciding
overall response of the system under earthquake loading condition. Circular tunnel
performs better than square, square with rounded corners, and horseshoe tunnel for
earthquake condition. The unconventional shape of square tunnel with rounded cor-
ners shows lower bendingmoment than the conventional square tunnel. Input ground
motion characteristics have pronounced effect on the maximum dynamic earth pres-
sure around tunnel lining, which is observed at the shoulder region of tunnel lining,
irrespective of the input motion characteristics. The present results lead to a better
design and understanding of the seismic response of tunnels in soft soil considering
local site effects.
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Chapter 13
Dynamic Characterization of Soils Using
Various Methods for Seismic Site
Response Studies

Pradeep Kumar Dammala and A. Murali Krishna

13.1 Introduction

Effective seismic-resistant design of structures requires thorough investigation of
underlying soil’s response to dynamic loading conditions. Such dynamic behavior
of soils is governed by many factors and is represented in terms of strength and
stiffness properties [1]. The dynamic soil stiffness is traditionally represented using
the strain-dependent properties, often termed as dynamic soil properties: low-strain
shear modulus (Gmax), normalized shear modulus (G/Gmax), and damping ratio (D)
variation with shear strain (γ ). The low-strain (≤0.0001%) shear modulus (Gmax) is
the maximum dynamic shear stiffness a soil can possess and is linear elastic in nature
[2]. With increase in the induced strains, the nonlinearity prevails and plastic strains
are induced in the soil grains [3]. This result in the reduction of shear stiffness with
shear strains, however in contrast, due to the increased work done, material damping
increases [4]. Figure 13.1 illustrates the dynamic soil properties with typical strain
ranges and their expected stress–strain response. In addition, the dynamic strength of
saturated fine-grained soils is also represented using the ability to resist liquefaction
and can be assessed by various field and laboratory equipment [5–8].

The requirement of dynamic soil behavior is application specific for earthquake
geotechnical engineering studies. Some studies include liquefaction susceptibil-
ity analysis for effective mitigation applications [9]; Gmax estimation for elastic
ground response and fatigue analysis of foundations such as Offshore Wind Turbine
(OWT)—[10]; comprehensive dynamic soil properties for Dynamic Soil–Structure
Interaction (DSSI) analysis of deep foundations such as piles and caissons [11, 12]
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and studies involving nonlinear seismic ground response [13, 14]; earth retaining
structures [15, 16]; seismic requalification studies [17–19].

Several field and laboratory testing methods have been developed by many
researchers to investigate the dynamic behavior of soils [14, 20–24]. Field approaches
involve the determination of low-strain properties (shear wave velocity, Vs) while
the laboratory techniques yield the required properties over wide strain range. Some
of the available field tests include seismic cross/up/down-borehole testing; Multi-
channel Analysis of Surface Waves (MASW) [20]. Laboratory testing techniques
include Bender element meant for Gmax determination [22]; Resonant Column (RC)
for dynamic soil properties up to a strain range of 0.1% [25]; Dynamic Simple Shear
(DSS) for properties from 0.01 to 10% [26]; Cyclic Torsional Simple Shear (CTSS)
apparatus for properties at strain range of 0.01–10% [27]; and Cyclic Triaxial (CTX)
apparatus over strains >0.01% [28], see Fig. 13.1 for the testing techniques used to
obtain the strain-dependent dynamic soil properties. Each testing technique is unique
in its application with different advantages and inherent limitations [29].

The present article provides a description of some of the commonly used field and
laboratory testing techniques for dynamic characterization of soils. Typical results
obtained using the techniques are discussed and appropriate analytical formulations
are provided. Furthermore, a seismic ground response study is also presented demon-
strating the applicability of the proposed analytical formulations based on the test
results.
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13.2 Field Tests

Field tests generally involve themeasurement ofwave velocities propagating through
the soil or the response of soil structure systems to dynamic excitation [29]. They can
be grouped either into invasive or noninvasive techniques. Invasive methods require
at least one borehole while noninvasive techniques (also called surface wave or
refraction methods) are based on surface wave measurements. Invasive tests include
seismic cross/up/down-borehole survey. Surface wave tests include Spectral or Mul-
tichannel Analysis of SurfaceWaves (SASWorMASW) and seismic refraction tests.
This section describesMASWand cross-hole tests in detail with some typical results.

13.2.1 Multichannel Analysis of Surface Waves (MASW)

Multichannel Analysis of Surface Waves (MASW) is a noninvasive seismic survey
for evaluating the 1D, 2D, and 3D stiffness profile of the subsurface in terms of shear
wave velocity (Vs). This method has been widely used in professional practice due to
the speed of implementation and is also budget friendly compared to the other seismic
boreholemethods.MASWtest uses the dispersive characteristics of the surfacewaves
with multi-receiver approach for the stratification of, mostly, the assumed vertically
heterogeneous subsurface conditions. Active and passive MASW are different forms
which are classified based on the source considered for the generation of surface
waves [20]. Figure 13.2 schematically represents the active MASW test setup and
instrumentation.

MASW typically consists of three-dependent stages—data acquisition, disper-
sion analysis, and inversion. Data acquisition is related to acquiring the response of
subsurface due to the energy transmitted. Typical active MASW survey requires a
sledgehammer as a source of energy, geophones (12 or more) as receivers and data
acquisition system for recording and storing the data [30, 31]. Figure 13.3 shows a
typical MASW survey with all the steps briefly presented. Upon acquiring the data
using geophones at a specific location, data analysis (dispersion and inversion) is
performed using computer programs such as SURFSEIS, EasyMASW, and Geopsy.
Fixed standards have not been established in the surface wave methods due to the
complexities involved in the data interpretation process and the variety of possible
approaches to surface wave analysis [32]. However, reliable surface velocity strati-
fication can be achieved by proper parameter selection during the data analysis and
recommendations were proposed for efficient filtering techniques [30–32].

Two locations inside the IIT Guwahati campus were considered to provide the
subsoil stratification through Vs profile. An array of 24 geophones with 2 m spacing
in-between, a 10 kg sledgehammer, and 24-bit data acquisition system were used.
Time sampling parameters and data processing using SURFSEIS program can be
found in detail in Kashyap et al. [30]. Figure 13.4 presents the final obtained shear
wave velocity profile of the chosen locations in the IIT Guwahati campus.
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Fig. 13.2 Schematic representation of active MASW setup

Fig. 13.3 Overall procedure of MASW survey [32]

13.2.2 Cross-Hole (CH) Test

Seismic Cross-Hole (CH) survey is an invasive test, whereby the velocity (either
P wave or S wave) of the soil deposit is determined using two or more boreholes.
The seismic energy is generated at the bottom of a borehole while the sensors in the
adjoining borehole at same depth would act as receivers [33]. The mutual distance
is measured along with the arrival times of the waves, yielding the velocity profile.
Figure 13.5 a shows the essentials of the CH survey. The CH test typically requires
two or more boreholes arranged in a straight line array for a better accuracy [29].
Interpretation technique in CH survey is quite straightforward and does not require
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Fig. 13.4 Shear wave velocity variation with depth for the considered soil profiles [30]

Fig. 13.5 a Cross-hole scheme with three boreholes and instrumentation (modified after Garofalo
et al. [35]) b typical wave profile obtained from CH survey [36]

any complex inversion schemes unlike the surface wave methods and hence the
reliability of the results mainly depends on the accuracy of the measurement and in
the precision of the instrumentation [34].

Taipodia et al. [36] conducted CH tests at the IIT Guwahati campus to determine
the P and Swave velocity profile. The seismic source (aBallard shearwave generator)
is installed in one borehole while the 5D sensor (geophone) is lowered to the same
depth as the seismic source in the second borehole. Both the boreholes were 4m apart
and the experiments were conducted by striking the energy generator and recording
the signals using the 5D sensor. The P and S wave velocities were determined by
picking the “first-arrival time picking” method from the recorded signature [36].
Figure 13.5b presents the P and S wave velocities of the borehole. Further details on
arrival time picking and analysis can be found in Taipodia et al. [36].



278 P. K. Dammala and A. Murali Krishna

All the field tests (both invasive and noninvasive) provide the wave velocities
with a certain degree of uncertainty like any other geotechnical investigations. The
main drawbacks of the field tests are that only low-strain stiffness can be determined
and samples for further analysis cannot be arranged. However, one or two field tests
are always suggested for projects of relevant importance. The invasive test results
for one-dimensional wave profiles are considered relatively reliable compared to the
surface wave methods as the uncertainties involved in the testing and data analysis
are less. However, the use of borehole surveys is limited in the recent days as they
lead to the disturbance in the natural fabric of the soil, ineffective determination of
wave velocities in lateral heterogeneity and the requirement of deep borehole for
deeper wave velocity determination making it cost ineffective [20, 35].

13.3 Laboratory Element Testing Techniques

Field tests provide dynamic stiffness properties only in the low-strain range and
their application is often limited due to the large scale of testing involved. However,
laboratory element testing of the collected field samples would provide the desired
dynamic properties over a wide strain range. In addition, different field conditions
(varying void ratio, plasticity index, confining pressure, etc.) can be explored in the
element testing. This section details some of the widely used laboratory element
testing techniques to investigate the dynamic soil behavior.

13.3.1 Bender Element Testing

Bender element test is a low-strain test in which the maximum shear modulus (Gmax)
of the soil sample is estimated by transmitting and recording a shear/compressional
wave through the sample. Lawrence [37], initially, used the shear plates formeasuring
the shear wave velocity in sands, and later Shirley and Hampton [38, 39] adopted
bender elements formeasuring shearwave velocity formarine sediments. Arulnathan
et al. [40] recommended methods for effective analysis of bender test results. A
bender element is an electro-mechanical transducer which can either bend by change
in the induced voltage or generates a voltage as it bends [22]. Two benders are
installed on the sample—one at the top plate and the latter at the bottom plate to
act as transmitter and receiver, respectively. Figure 13.6 shows a pictorial view of
the bender element apparatus, schematic view of the sample conditions and the
piezoelectric bender elements used for the testing. These benders can be installed on
triaxial, shear, or one-dimensional compressional apparatus and both the tests can
be done on the same sample.

A high-frequency electrical pulse (input signal) applied to the transmitter at the
bottom platen will deform the bender rapidly resulting in a stress wave, transmitting
through the sample toward the receiver. Upon reaching the receiver, the stress wave
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Fig. 13.6 a Bender element apparatus b schematic view of loading on the sample and c view of
transmitting bender at the base
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Fig. 13.7 Typical input and output signals for a bender element test

generates a voltage pulse which can be measured. Figure 13.7 illustrates the input
pulse transmitted and the output signal received at the receiver. The time the stress
wave travels through the sample to reach the receiver element is recorded (Fig. 13.7).
The velocity (Vs) can be estimated using the effective height of the sample (distance
between the two benders at transmitter and receiver—Hs) and the time the stress
wave travels (Ts). Using the shear wave velocity and the density of the sample (ρ),
maximum shear modulus (Gmax) can be estimated.
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Fig. 13.8 Variation of Gmax
with confining pressure for
BP sand at two relative
densities
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Once the velocity is estimated at a particular confining pressure on the sample, the
same sample can be used for determiningwave velocities at other confining pressures.
This is due to the low strains induced in the sample which are not expected to disturb
the natural fabric [22]. Figure 13.8 presents the Gmax results obtained from bender
element test on Brahmaputra sand (BP) at two relative densities (Rd) and varying
confining pressures. The index and engineering properties of BP sand can be found
in the literature [14, 41]. It can be obvious that the increase in the confining pressure
and relative density increases the stiffness of the sample.

13.3.2 Resonant Column (RC) Testing

Resonant column (RC) test is used to measure the shear modulus and damping
characteristics of soils from low to intermediate strain levels (<0.1%). The basic
principle involved in RC testing is the theory of wave propagation in prismatic rods
[2], where a cylindrical soil specimen is harmonically excited till it reaches the state
of resonance (peak response). The RC technique was initially used for soils by Iida
[42], following which the method was further developed by many researchers [43,
44] and was also standardized in ASTM D 4015 [45].

Three different versions ofRCapparatus are available, based on the end conditions
to constraint the specimen. They are: (a) Fixed-free condition [46], in which the
bottom end is fixed against rotation while the top end is free to rotate under applied
torsion. A knownmass is added at the free end to obtain uniform distribution of strain
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Fig. 13.9 a Photographic and b schematic view of RC apparatus [14]

throughout the length of the sample, (b) Spring-base [47], in which an equivalent
spring of stiffness is present at the bottom end of the sample and depending on the
stiffness of the spring relative to the stiffness of the soil, the base end condition can
be fixed or free, (c) Fixed-partially restrained [48], in which the bottom end is fixed
while the top cap is partially restrained by springs acting against an inertial mass.

Figure 13.9 shows a fixed-free type of RC apparatus with the instrumentation
details. In brief, the soil specimen is excited under a harmonic torsional vibration,
induced in the form of electric voltage through the electromagnetic drive system,
consisting of four magnets (Fig. 13.9). Initially, a small amount of electric current
(say 0.001 V) is passed through the magnetic coils and a broad and fine sweep is
conducted to find the exact resonant frequency of the sample [14]. Using this resonant
frequency (f nz), height of sample (H), and the instrument constant (β) which can
be obtained by calibration of the instrument [45], the shear wave velocity (Vs) and
corresponding shear modulus (G) of the sample is determined (Eq. 13.2).

Gmax � ρ · V 2
s � ρ ·

(
2π fnz H

β

)2

(13.2)

Once the resonant frequency is obtained at a particular input voltage, the input
current to the coils is switched off to perform a free vibration test. The response of
the accelerometer with time is recorded from which the amplitude decay curve is
obtained. The peak amplitude of each cycle (A1—An+1 with n as number of cycles of
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Fig. 13.10 Variation of f nz with input voltage, shear modulus and damping ratio with shear strain
for BP sand at 100 kPa effective confining pressure [49]

free vibration) is determined and the corresponding damping ratio (D) is evaluated
as suggested by ASTM D 4015 [45].

D �
(
1

n

)
ln

(
A1

An+1

)
(13.3)

Once the shearmodulus and damping ratio at a particular strain (particular voltage)
are obtained, then the input voltage to the system is increased to obtain resonant
frequency and free vibration response at higher strains. Thus, the voltage is gradually
increased at some intervals till the strains reach 0.1% to yield the variation of shear
modulus and damping ratio. Figure 13.10 shows the typical variation of resonant
frequency with the input voltage, shear modulus, and damping variation with shear
strain for BP sand at 30% relative density and 100 kPa effective confining pressure.
It can be noted that the increase in the voltage increases the strains induced in the
sample resulting in reduced shear stiffness and higher damping ratio [14].

Figures 13.11 presents the variations of shear modulus with shear strain for sam-
ples at different confining pressures for BP sand at 30% relative density which were
further presented in Fig. 13.12 as modulus ratio along with damping ratio curve. It is
obvious that the increase in confining pressure (meaning-overburden depth) increases
the stiffness of the sample while damping ratio decreases. Normalized stiffness (ratio
of shear modulus to Gmax) also increases with the confining pressure indicating that
the depth of overburden decreases the rate of reduction of the stiffness of sands.
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13.3.3 Cyclic Triaxial (CTX) Testing

Cyclic Triaxial (CTX) test is a high strain test, which can be used for determining
both the dynamic soil properties and liquefaction potential of soils [6, 41]. The strain
range typically tested in this apparatus is 0.01–10%. Seed and Lee [6], initially,
used CTX apparatus for assessing liquefaction potential of saturated sands while
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many researchers [28, 41, 50] adopted the apparatus for determining high-strain
dynamic soil properties. Kumar et al. [51] utilized CTX apparatus for determining
the dynamic behavior of northeast Indian cohesive soil and also for assessing its
liquefaction potential. Lombardi et al. [52] used CTX apparatus to investigate the
post-liquefaction behavior of silica sands for application in pile foundations sub-
jected to liquefaction-induced stresses. Both the dry and saturated samples can be
tested using the apparatus [53]. Irregular dynamic excitations can also be applied to
investigate the effect of realistic earthquake motions [41]. The apparatus can be used
for both the stress- and strain-controlled testing [54, 55].

In the CTX apparatus, the soil sample is enclosed inside a triaxial cell through
which harmonic axial loads using the servo-controlled actuator at the top can be
applied andnecessary instrumentation is installed tomeasure the deformations (axial)
and pressures (cell pressure and pore pressure). Figure 13.13 shows a picture of
typical CTX setup and various parts associated with it. The details about sample
preparation, CTX setup, and testing methodology can be found in the literature [24,
41]. Figure 13.14 presents the typical results of liquefaction potential of BP sand
using the CTX system. The stress-controlled test results are presented in Fig. 13.14,
which shows a cyclically varying deviatoric stress of ±20 kPa on the sample applied
at 1 Hz frequency (Fig. 13.14a). Liquefaction susceptibility of a soil sample can
be represented using the pore water pressure ratio (ru) which is the ratio of excess
pore pressures (Δu) to the mean effective confining pressure (σ ′

c). Figure 13.14b
shows the variation of axial strain and ru with loading cycles. It can be noted that the
sudden increase of axial strain was attributed to the full liquefaction condition. Also,
the stress–strain response of the BP sand is presented in terms of deviatoric stress
and axial strain (Fig. 13.14c) and also shear stress and shear strain (Fig. 13.14d). The
possible limitation in the CTX apparatus is that the shear strains have to be estimated
from the axial strains by assuming a Poisson’s ratio, unlike the DSS apparatus,
whereby the shear displacements can directly be applied to the specimens.

Figure 13.15 presents the variation of average pore water pressure ratio with
loading cycles forBP sand at 30% relative density. The results are related to the strain-
controlled tests performed at 100 kPa effective confining pressure. An increase in the
pore pressure ratio can be observed with increase in the input strains and the BP sand
did not show complete liquefaction for low strains (<0.075%) even up to 40 cycles
of loading. However, with the strains beyond 0.075%, increased the tendency toward
liquefaction has been noticed with the input strains. Liquefaction was even observed
below five loading cycles for high strains (0.75%) which shows that high-intensity
ground motions would lead to rapid liquefaction in the sandy deposits [41].

13.3.4 Dynamic Simple Shear (DSS) Testing

Dynamic Simple Shear (DSS) apparatus can be used to investigate the dynamic
behavior of soils from intermediate (0.01%) to high strains (up to 10%). Simple Shear
device dates back almost half a decade (1950s). The device was initially developed
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Fig. 13.13 Cyclic triaxial setup and components [41]

in the UK by Roscoe [56], Scandinavia at SGI [57], and at NGI [26]. Later, Peacock
and Seed [58] extended the simple shear to assess the liquefaction potential and
cyclic strength of soils and named as Dynamic Simple Shear (DSS). A pictorial
view of the apparatus and a schematic view of the soil sample during loading are
shown in Fig. 13.16. The device is similar to a simple shear except that the provision
for cyclic loading through servo-controlled actuator. Axial and lateral displacements
during the testing can be monitored using the LVDTs attached over the sample. The
main advantage of DSS over the triaxial apparatus is that a shear stress/strain can
be directly simulated with the two-way controlled shearing [59]. The soil specimen
is contained using laminated circular rings and during shearing, the rings follow the
movement of soil specimen, see Fig. 13.16 for details. The confinement is provided
through the constant axial stress.

Typical results obtained from the DSS apparatus are presented briefly in this
section. Figure 13.17 presents the cyclic stress–strain response (also called hys-
teresis loops) of BP sand prepared at a medium relative density at normal stress of
100 kPa. The cyclic shear loadswere applied for 1000 cycles (N), however, Fig. 13.16
shows only the first 10 cycles for brevity. Using the hysteresis loops, one can cal-
culate the strain-dependent dynamic shear stiffness and damping ratio [41, 59]. An
important aspect of hysteresis loops needs to be noted: at high shear strain or larger
loading cycles, an asymmetricity in the shape of the loop is observed [41], please see
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Fig. 13.14 Typical results of CTX apparatus for liquefaction assessment on BP sand
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Fig. 13.16 Pictorial and schematic of DSS apparatus

Fig. 13.17 Hysteresis loops
for BP sand at three
confining pressures for
medium density sample

-1.0 -0.5 0.0 0.5 1.0

-50

0

50

100

Sh
ea

r s
tr

es
s 

(k
Pa

)

Shear strain (%)

 BP_100kPa
        N=10 cycles

Fig. 13.17 for details. As the dynamic soil behavior is strain dependent, the dynamic
soil properties should also be based on the realistic asymmetric loops rather than
the traditional symmetric loop calculations. In this view, Kumar et al. [41] presented
a method to calculate the strain-dependent properties using the realistic asymmet-
ric loop. Figure 13.18 describes the methodology followed and the corresponding
formulations.

Figure 13.19 presents the variation of shear modulus and damping ratio of BP
sand evaluated using the asymmetric loop formulations proposed by Kumar et al.
[41]. Reduction in shear modulus with shear strains is obvious with increase in shear
strain, however, an untraditional trend of increase and decrease of damping ratio with
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Fig. 13.18 A typical asymmetric loop with formulations for dynamic soil properties determination
(modified after Kumar et al. [41])
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Fig. 13.19 Variation of shear modulus and D with shear strain for BP sand at 60% relative density
[49]

shear strain has been observed. This uncommon damping behavior is attributed to
the realistic asymmetric loops considered for the evaluation [41].

Once the dynamic soil properties at different shear strains are determined using
independent apparatus, the data needs to be combined for a comprehensive data
over wide strain range. Figures 13.20 and 13.21 provide the data determined using
RC and DSS for BP sand at different relative densities and confining pressures,
respectively. Also, the literature suggested [60, 61] ranges of modulus and damping



13 Dynamic Characterization of Soils Using Various Methods … 289

1E-4 1E-3 0.01 0.1 1 10
0.0

0.2

0.4

0.6

0.8

1.0

1.2

 Seed & Idriss (1970) limits
 Darendeli (2001) limits

DSS data

M
od

ul
us

 ra
tio

, G
/G

m
ax

Shear strain, %

Resonant column data

25 kPa

1600 kPa

Fig. 13.20 Modulus ratio variation for BP sand determined from RC and DSS testing

curves for sands are presented (Figs. 13.20 and 13.21). It can be observed that the
modulus values fall rightwards in the low-strain range than the Seed and Idriss [60]
suggested ranges and follow the suggested range in the high strain levels. Similarly,
damping ratio values fall below the suggested ranges, meaning-damping ratio would
be overestimated if the site-specific data is not utilized for earthquake geotechnical
applications [14, 62].

13.4 Analytical Comparisons

Analytical formulations are required in cases where laboratory data is insufficient for
the required conditions. This section describes the analytical comparisons fitted to the
laboratory data of dynamic soil properties to the literature suggested formulations.

13.4.1 Gmax

Several forms of Gmax estimation are available in the literature [63]. Out of the
existingGmax formulations, the equation (Eq. 13.4) proposed by Hardin [64] is being
considered most often in the earthquake geotechnical applications [63, 65, 66] due
to its dimensional consistency and application even to soils of large void ratio [21].
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Fig. 13.22 Fitted Gmax
results in Eq. 13.4
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where Pa is atmospheric pressure (101 kPa), A is a constant depending on the type
of soil, and m is a stress-dependent factor. The bender element tests performed on
BP sand were considered for the regression analysis to obtain the best-fit parameters
based on the equation (Eq. 13.4). Figure 13.22 shows the regression analysis of the
bender data and the obtained best-fit parameters—A � 586.5, m � 0.469 with a
correlation coefficient of R2� 0.981.
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13.4.2 G/Gmax and Damping

Similarly, analytical formulations are required for modulus reduction and damp-
ing ratio variation with shear strain. Hyperbolic and modified hyperbolic stress-
dependent equations were proposed by various researchers in order to model both
the modulus degradation and damping variation [60, 61, 67–71]. Matasovic and
Vucetic [71] formulation (Eq. 13.5) was found to be satisfactorily simulating the
modulus degradation behavior.

G

Gmax
� 1

1 + β
(

γ

γre f

)α (13.5)

where γre f is the reference shear strain (shear strain atG/Gmax value of 0.5 according
to Darendeli [61] and α and β are the curve-fitting parameters adjusting the shape
of the modulus curve. As the shape of modulus curve is soil specific and hence,
the corresponding α and β needs to be determined from the regression analysis of
experimental data. Figure 13.23 presents the regression analysis results in terms of
variation of normalized modulus to the normalized shear strain for BP sand. The
obtained best-fit parameters are also mentioned—α � 1.163 and β � 1.298 with
a correlation coefficient of 0.957. Similar simplified regression analysis has been
performed by Dammala et al. [14].
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Similar to the modulus reduction, analytical expressions for evaluating damping
ratio at a given shear strain was also proposed by several researchers [61, 67–69].
Darendeli [61] related damping ratio (Eq. 13.6) with the modulus reduction and
achieved reasonable estimates.

D(%) � b × Dmas ×
(

G

Gmax

)p

+ Dmin (13.6)

where b and p are the scaling coefficients adjusting the high-strain damping ratio
(p considered as 0.1), Dmas is the masing damping (function of shear strain and the
curvature coefficient (α)), and Dmin is the minimum damping ratio at the lowest
possible shear strain (0.5% based on the experimental results). A regression model
is run to find the best fit values of b. A b value of 0.83 is found with an R2 of 0.803.
Figure 13.24 presents the simplified regression analysis for damping ratio.

Thefinal stiffness curves (bothmodulus and damping) ofBP sand can be estimated
using the regression coefficients (α, β, and b) at any required σ ′

c [14]. Such stiffness
curves can act as a ready-made tool for design engineers, especially during the design
of important structures or the seismic requalification works in the northeastern Indian
region.
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Fig. 13.25 Pore water
pressure ratio variation of BP
sand [49]
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13.4.3 Liquefaction Potential

Liquefaction resistance or susceptibility of soils can be modeled reliably using the
pore water pressure (PWP) formulations. The PWP models simulate the generation
and dissipation of excess pore pressures during cyclic loading. Numerous PWPmod-
els, ranging from simple to complex nature, are available in the literature, see for
example—Hashash et al. [72], Dobry et al. [73], Martin et al. [74], Byrne et al. [75].
However, to perform nonlinear effective stress analysis, some commercial programs
such as DEEPSOIL [76], employ extended Dobry et al. [73] PWP model as the
required input parameters can be efficiently obtained by performing stress/strain-
controlled CTX/DSS tests on saturated soil samples. Based on the strain-controlled
CTX tests on sandy soil, Vucetic and Dobry [77] extended the basic PWP model
developed by Dobry et al. [73] (Eq. 13.7). The model emphasizes the generation of
PWP with the number of cycles (N) and applied cyclic shear strain.

ru,N � p . N . F . (γ − γt )S

1 + N . F. (γ − γt )S
(13.7)

where ru, N � excess PWP ratio at N number of cycles; γ � cyclic shear strain
amplitude; p, F, and s are the curve-fitting parameters; and γ t is the threshold shear
strain below which no significant PWP is generated and is considered as 0.01%
[3]. The fitting parameters (p, F, and s) are obtained by best fitting of the pore
pressure model on the obtained experimental data of BP sand. Figure 13.25 depicts
the obtained results of the PWPmodel with the fitting parameters. Since the dynamic
properties (shear modulus and damping ratio) of BP were evaluated for the first cycle
(N � 1), the fitting parameters of the PWP model have also been evaluated for the
first loading cycle (N � 1).
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Fig. 13.26 Modulus ratio of Indian sandy soils

13.5 Indian Soil Data

Modulus and damping ratio of Indian sandy soils has been collected from the litera-
ture and is shown in Figs. 13.26 and 13.27, respectively, along with the boundaries
proposed for BP sand. Data of four sandy soils determined by various laboratory ele-
ment tests was presented––Bongaigaon sand from northeast India [14], Kasai sand
of eastern India (Kolkata) [65], Saloni sand of northern India [78, 79], and sandy soil
from southern India (Hyderabad region) [80]. Though the proposed modulus and
damping boundaries for BP sand are close to the other sands data, however, there is
still some gap exists in both the damping and modulus.

13.6 Application of Established Soil Properties

A one-dimensional nonlinear (NL) time-domain effective stress GRA, incorporat-
ing the PWP generation and dissipation, has been performed to demonstrate the
applicability of proposed dynamic soil properties and liquefaction parameters. The
computer program DEEPSOIL [76] has been used for the analysis as it is a widely
used nonlinear time-domain site response analysis program which utilizes a dis-
cretized multi-degree-of-freedom lumped parameter model of the 1D soil column.
The hysteretic soil response is captured by a pressure-dependent hyperbolic model
that represents the backbone curve of the soil along with the modified extended
unload–reload Masing rules [72, 81]. Further details about the theoretical back-
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ground of the methodology can be found in [76, 82]. Similar GRA studies for typical
sites in Guwahati city were conducted by [14, 83, 84].

Soil profile considered for the present study is located near the shore of Brahma-
putra river in Guwahati, which is considered as one of themost active seismic regions
of the country with 0.36 g as the expected Peak Bed Rock Acceleration (PBRA) [85].
Figure 13.28 presents the location of the soil profile considered and the seismicity
of the region. Dammala et al. [14, 19] details the soil stratigraphy and further details
regarding the parameters considered for the analysis. In the wake of prior warnings
issued by the seismologists that this region is prone to a pounding seismic event in
the near future, several requalification studies were conducted in this region [19, 86].
Four recorded ground motions of varying ground motion parameters have been used
for the analysis (Table 13.1).

Figure 13.29 presents the ground response analysis results in terms variation of
Peak Ground Acceleration (PGA), peak shear strain, and PWP ratio along the depth
of the profile. Amplification for low-intensity ground motions was observed while
deamplification/attenuation for high-intensity motions was noticed. This pattern of
amplification/attenuation can be justified through the damping characteristics of the
soil sediments, whereby the surficial stratumwhich is loose is expected to experience
high shear strains (Fig. 13.29b) leading to high damping, thereby resulting in attenu-
ation of the incoming waves. In contrast, the low-intensity motions induce less strain
for which the damping is also low leading to high amplifications [88, 89]. In addition,
the ground motions with PBRA > 0.10g liquefy the surficial stratum which is also
justified through the results obtained using the semi-empirical approach proposed by
Idriss and Boulanger [7].
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(a) (b)

Fig. 13.28 a Seismic zonation map of India [85] b seismotectonic faults in the northeastern India
[87]

Table 13.1 Strong motion parameters of the considered ground motions (modified from Dammala
et al. [49])

Earthquake parameters Sikkim 2011
earthquake

Sonitpur 2009
earthquake

Indo-Burma
1988
earthquake

Indo-Burma
1988
earthquake

Short name SKM 0.02g SONIT 0.03g INDBUR
0.18g

INDBUR
0.33g

Date of occurrence 18-09-2011 19-08-2009 06-08-1988 06-08-1988

Moment magnitude 6.8 4.9 7.2 7.2

Epicenter 27.52° N
88.04° E

26.60° N
92.50° E

25.15° N
95.13° E

25.15° N
95.13° E

Recording station IIT Guwahati Guwahati Diphu Diphu

Distance from source
(km)

378 424 193 193

PBRA (g) 0.02 0.031 0.18 0.330

Depth (km) 20 20 91 91

13.7 Summary and Concluding Remarks

Determining the dynamic behavior of soil is a prerequisite for an efficient earthquake-
resistant foundation design. Dynamic behavior of soil can be represented using low-
strain shear modulus, modulus, and damping variation with shear strain along with
the liquefaction potential. Several laboratory and field techniques are available and
this article describes some of the widely used field and laboratory tests for assessing
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the dynamic behavior of soils. Typical results using each test are also presented
for a comprehensive understanding of the reader. As the field test can only provide
the low-strain dynamic stiffness characteristics, it is therefore, necessary to perform
laboratory element tests to completely understand the dynamic behavior of soils over
wide strain range.Analytical formulationswere proposed based on the laboratory test
results and the data is compared to the data collected from literature for Indian sandy
soils. Finally, a seismic ground response study has been conducted to demonstrate
the applicability of proposed formulations.
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Chapter 14
Cyclic Behaviour of Scrap-Tyre Soil
Mixtures

J. S. Vinod, M. Neaz Sheikh and Soledad Mashiri

14.1 Introduction

The increased seismic activity over the last few decades, particularly in areas
where structures are not designed for protection against earthquakes, has motivated
researchers to investigate a new application of sand–scrap tyres (e.g. [25]). The inno-
vative civil engineering application of sand–scrap tyres mixtures is an alternative to
sophisticated seismic isolation devices (e.g. rubber pads) which are expensive and
need expertise for their design and installation. In the last two decades, a signifi-
cant number of research studies devoted to explore practical solutions of the recycle
and reuse of scrap tyres for major civil engineering projects. Despite the amount
of research carried out on tyre soil mixtures (e.g. [3, 5, 6, 8–10, 17, 19, 23, 24,
28, 29]) and the discovery of their beneficial engineering properties, environmen-
tally sustainable use of scrap tyres in civil engineering applications is still limited.
It has been reported that the addition of tyre crumbs (granulated rubber) in sand
reduced the shear strength of sand (e.g. [14, 17, 23, 28, 29]) highlighted significant
shear strength improvement together with the reduction of dilatancy of sand with the
inclusion of tyre chips, especially in sand–rubber behaviour zone where both sand
and tyre chips form the skeleton of the matrix material. Even though a lot of research
studies were carried out on the monotonic behaviour of scrap-tyre soil mixtures, only
very limited information is available on the liquefaction and dynamic properties of
sand–tyre chip mixtures [1, 7, 11, 16, 18, 22, 26, 27], Qi et al. [21]. Turer and Özden
[27] reported that for shear strain (γ) < 0.1%, sand–tyre mixtures had lower shear
modulus and higher damping ratio compared to sand. Hyodo et al. [12] and Kaneko
et al. [13] reported that sand–tyre crumb mixtures showed a reduced liquefaction
potential compared to sand. However, in a separate study carried out by Promput-
thangkoon and Hyde [20] reported that the addition of tyre crumbs increased the
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liquefaction potential of sand. Remarkable damping and seismic isolation proper-
ties of sand–tyre crumb mixtures was reported by [13]. The enhanced damping and
seismic isolation properties of STCh mixture are mainly achieved from the reduced
acceleration amplitudes at the ground surface due to the low stiffness of tyre crumbs.
[16] carried out strain-controlled cyclic triaxial test and reported that the addition of
TCh significantly reduced the liquefaction potential of sand. In addition, the shear
modulus reduction curve reduced and damping ratio increased with the addition of
scrap tyres. Qi et al. [21] investigated the effect of scrap tyre rubber on steel fur-
nace slag (SFS) and coal wash (CW) mixtures. It was reported that that inclusion or
rubber increased the damping ratio and energy-absorbing properties of SFS and CW
mixtures.

This study evaluates the liquefaction and dynamic properties of sand–tyre chip
(STCh) mixtures. Strain-controlled cyclic triaxial laboratory experiments were car-
ried out on sand–tyre chip mixture. The effect of different parameters such as amount
of TCh, confining pressure, relative density, number of cycles and cyclic strain ampli-
tude on the monotonic and cyclic behaviour has been investigated and reported.

14.2 Laboratory Experimental Program

A series of strain-controlled cyclic triaxial experiments were conducted on sand–tyre
chip (STCh)mixture specimens of 100mmdiameter and 200mmheight. Figure 14.1
shows the particle size distribution of the sand used in this study. The sand is classified
as poorly graded (SP). The specific gravity, minimum and maximum dry unit weight
of the sand was 2.67 kN/m3, 14.60 kN/m3 and 16.41 kN/m3, respectively. The scrap
tyres in the form of tyre chips (TCh) are used for the testing program (see inset
of Fig. 14.1). According to ASTM D 6270-12 tyre chips (TCh) refer to pieces of
scrap tyre having a basic geometric shape with nominal dimension ranging from
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Fig. 14.1 Particle-size distribution of sand [inset Tyre chips (TCh)] (after Mashiri et al. [18])
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12 to 50 mm. The maximum and minimum void ratio of TCh was 1.3 and 0.83,
respectively. In this study, TCh without any steel belt were cut into rectangular
shapes for uniform thickness of approximately 5–6 mm with an aspect ratio of TCh
was 2.8. The maximum width of TCh was 8 mm. The STCh mixtures were prepared
using dry deposition method (Ishihara, 1996). The STCh mixtures were placed in
three layers and each layer was compacted by tamping the walls of the mould to
achieve the required relative density of 50%. All the samples were then saturated to
a B-value >0.95 using back pressure technique. All the cyclic tests were conducted
at a constant frequency of 1 Hz. The cyclic tests were carried out on STCh mixtures
with different gravimetric proportion of TCh, χ � 0, 10, 20, 30 and 40%.

14.3 Cyclic Behaviour of Sand–Tyre Chip Mixtures

Typical results of the cyclic behaviour of STCh mixture (STCh (0%) and STCh
(30%)) are presented in Fig. 14.2. Figure 14.2 shows the stress paths, hysteresis loop
and pore pressure ratio with number of cycles for STCh (0%) and STCh (30%). It is
evident from Fig. 14.2 that the maximum shear stress decreases with the inclusion
of TCh. The process of liquefaction is clearly presented in Fig. 14.2a, b. Deviatoric
stress decreases with mean p and reaches zero indicating liquefaction (Fig. 14.2a).
The decrease in the deviatoric stress is mainly due to the increase in the pore water
pressure (Fig. 14.2c) in the STCh mixtures. Moreover, the number of cycles for
liquefaction increases with the addition of TCh (Fig. 14.2c).

Fig. 14.2 Cyclic behaviour of STCh mixtures at γ � 0.38%
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14.4 Liquefaction Behaviour of Sand–Tyre Chip Mixtures

The variation of the amplitude of shear strain with number of cycles to liquefaction
for different percentages of STCh mixtures is presented in Fig. 14.3. It is evident
from Fig. 14.3 that the amplitude of shear strain has a significant influence on the
liquefaction behaviour of STCHmixtures. Number of cycles to liquefaction increases
with the decrease in the amplitude of shear strain. The amplitude of shear strain for
liquefaction potential increase with the increase in the proportion of STCh (up to
30%). However, the liquefaction potential decreases for STCh � 40%. Moreover,
STCh (10%) exhibits the same behaviour as STCh (0%). This is may be due to the
sand-like behaviour exhibited by TCh (10%)mixtures during the cyclic loading [16].

Figure 14.4 presents the variation of number of cycles for liquefaction with gravi-
metric proportion of TCh for a confining pressure of 69 kPa. It is shown that irrespec-
tive of the amplitude of shear strain, the number of cycles for liquefaction increases
nonlinearly with increase in the gravimetric proportion of TCh. It is also evident that
the amount of TCh, between 30 and 33%, shows the maximum number of cycles
required for liquefaction. In addition, a reduction in the number of cycles for lique-
faction was observed after 33% of TCh, which is mainly due to the higher void ratio
exhibited by STCh (40%).
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14.5 Dynamic Properties of Scrap-Tyre Soil Mixtures

Figure 14.5 shows the variation ofmaximum shear stress with shear strain (hysteresis
loops) for different proportion of STCh mixtures. As anticipated, the maximum
shear stress decreases during the strain-controlled cyclic loading. The decrease in
the maximum shear stress is due to the development of pore water pressure (see
Fig. 14.2). For γ � 0.38% the maximum shear stress (first cycle) decreases with the
increase in the proportion of STCh mixtures.

Figure 14.6 shows the variation of shear modulus (G) with number of cycles (N)
for different proportion of STCh mixtures. Irrespective of TCh, the shear modulus
decreases with increase in the number of cycles. The decrease in the shear modulus
is mainly due to the decrease in the shear stress during the strain controlled loading
(Fig. 14.5). The shear modulus decreases significantly with number of cycles espe-
cially at low number of cycles and reaches a constant value at large values of N.
However, the incorporation of TCh retards the reduction of shear modulus with N.
This behaviour is mainly due to the potential of STCh mixtures to withstand cyclic
shear stress for larger number of cycles compared to sand. For any particular value
of N (e.g. N � 5), the shear modulus of sand increases with the proportion of tyre
chips up to STCh � 30% and decreases with increase in the TCh.

The variation of damping ratio (ζ) with number of cycles (N) is presented in
Fig. 14.7. It is shown that damping ratio decreases with the increase in the number
of cycles irrespective of amount of TCh. As expected, STCh(0%) shows very low ζ

compared to STCh mixtures. The reduction in ζ with N is mainly due to the loss of
frictional energy in the sand skeleton due to the addition of TCh [4].
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Fig. 14.5 Variation of maximum shear stress with shear strain (Hysteresis loop) for different pro-
portions of STCh (after Mashiri et al. [17])

Fig. 14.6 Shear modulus
versus number of cycles for
STCh mixtures at different
shear strains (after Mashiri
et al. [15])
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Fig. 14.7 Damping ratio
versus number of cycles for
STCh mixtures at different
shear strains (after Mashiri
et al. [15])
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14.6 Shear Modulus Degradation and Damping Ratio

Curves for Sand–Scrap Tyre Mixtures

The results of the shear modulus were normalised by the corresponding value of
Gmax for each STCh mixture. Detailed Bender element tests were carried out on
STCh mixtures to capture the Gmax for STCh mixtures and can be found in [18]. The
normalised shear modulus (G/Gmax) curves with the shear strain for STCh mixtures
are presented in Fig. 14.8. It is evident from the figure that irrespective of TCh content
the normalised shear modulus falls in a narrow band. For a particular value of shear
strain, the normalised shear modulus increases with the proportion of TCh.

The variation of damping ratio (ζ) with shear strain is presented in Fig. 14.9 It is
evident from the figure the damping ratio of STCh increases with shear strain. The
ζ of STCh mixtures shows slightly higher value compared to sand. In addition, ζ of
sand and STCh mixtures fall in a narrow band.

Fig. 14.8 G/Gmax versus γ

for different proportions of
TCh (after Mashiri et al.
[16])
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Fig. 14.9 ζ versus γ for
different proportions of TCh
(after Mashiri et al. [16])
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14.7 Conclusions

This paper has presented the cyclic behaviour sand–tyre mixtures. A series of strain-
controlled laboratory experiments were carried out on sand mixed with different
proportions of tyre chips (TCh). The cyclic triaxial tests show the TCh has significant
influence in controlling the liquefaction of sand. The addition of TCh reduced the
liquefaction potential of sand. The optimum percentage of TCh, in this investigation,
was found to be between 30 and 33%. The dynamic properties, shear modulus and
damping ratio, were also influenced by the amount of TCh, number of cycles and
amplitude of shear strain. The shearmodulus decreaseswith increase in the amplitude
of shear strain and number of cycles. However, damping ratio increases with the
increase in shear strain amplitude and decreases with increase in number of cycles.
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Chapter 15
Sustainable Geotechnics: A
Bio-geotechnical Perspective

Sreedeep Sekharan, Vinay Kumar Gadi, Sanandam Bordoloi, Abhisekh Saha,
Himanshu Kumar, Budhaditya Hazra and Ankit Garg

15.1 Introduction

Sustainable geotechnics has emerged as an imperative branch of geotechnical engi-
neering in response to the importance of low carbon economy, challenges of climate
change, diminishing fossil fuel reserves, need for ecological conservation and envi-
ronmental management [6, 14, 29]. Sustainability is the ability of preserving useful
resource with minimal depletion, ensuring ecological balance and positive impact on
the environment. The sustainable practices in geotechnics include the extraction of
geothermal energy, waste disposal, bioengineering for slope stability, and microbial-
induced calcite precipitation (MICP) for soil improvement [5, 36, 39, 52, 61]. Until
recently, sustainability in geotechnics has primarily focused on reusingwaste-derived
materials such as rubber tires, plastic bottles, fly ash, lime, stone dust, and industrial
slag for construction [5, 13, 48].

This chapter essentially focuses on bio-geotechnical interface where biomaterials
are used as amendment for robust and self-sustaining green infrastructure. In this
context, the question arises as to how we conceive the term sustainability in geotech-
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Fig. 15.1 A bio-geotechnical perspective of sustainable geotechnics

nics? The use of discrete rubber-based tires in soil reinforcement is regarded as a
sustainable practice [51]. In essence, it is sustainable as it is one form of waste man-
agement. However, rubber is derived from plant sources and during its conversion to
rubber becomes a nonbiodegradable entity within the soil. From this perspective, it
cannot be fully perceived as eco-friendly. An ideal biomaterial should be eco-friendly
and ultimately degrade while proactively helping the green infrastructure to be self-
sustainable during its existence. Under this class, lignocellulose-basedmaterials such
as biochar, natural fibers, biopolymers, and compost have emerged as important bio-
geo-amendment materials [43]. Their ability to retain water and nutrients in arid
soils, enhance vegetation growth, induce microbial activity and ultimately degrade
after a period of time makes them suitable in vegetated infrastructure.

Vegetated slope and embankment protection has emerged as one of the most
sustainable shallow reinforcement measures by root reinforcement, transpiration
induced suction and lowering local temperature [25, 33, 34, 42]. This form of infras-
tructure has gained traction under the umbrella of bio-geotechnics. The use of ideal
biomaterial along with natural vegetation encompasses the interdependent attributes
of sustainable geotechnics as presented in Fig. 15.1.

Incorporating vegetation and bio-enriched medium as sustainable geotechnical
practice would ensure soil and water conservation, mitigate the effect of climate
change and secure harmony between local flora and atmosphere [43, 46, 57]. The
use of biomaterial from the abundant bio-wastes further leads to value addition and
helps in enhancing ecological conservation of local flora and microorganisms. In
the context of urban green infrastructures where soil needs protection along with
stabilization by vegetation, there is a scope to develop a truly self-sustaining cycle of
green infrastructure even in drought-affected regions by using suitable biomaterials
[8, 31].
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Fig. 15.2 Biomaterial amended soil as a suitable stratum for green infrastructure

15.2 Biomaterial: Origin, Usage, and Application
in Green Infrastructure

One of the foremost requirements of an ideal biomaterial in vegetated infrastruc-
tures is its capacity to retain water and increase the retention capacity of the parent
soil when amended [31]. This is important as vegetation development necessitates a
substrate medium with adequate water availability, requisite pH and microbial activ-
ity. Figure15.2 showcases the difference between the use of biomaterial amended
soil (BAS) and fallow bare soil. BAS have high nutrient retention and low leach-
ing, facilitates the growth of microorganisms, binds water which ultimately leads to
higher plant growth. In the case of maintenance of green infrastructure, fallow soil
requires regular fertilizer application to sustain growth. Biomaterial have intra-pores
within individual material and suitable surface functional groups [47] that ultimately
helps in retaining more water as compared to bare soil (Fig. 15.3). Some common
categories of biomaterials are biochar, natural fibers, bio-absorbent polymers and
compost [10, 43], which are found to be effective in increasing the water retention,
plant growth, and microbial activity [10, 56]. Each of these biomaterials has been
discussed in this paper as relevant to green infrastructure.



316 S. Sekharan et al.

Fig. 15.3 Porous morphology of biomaterial—biochar, natural fibers, and superabsorbent biopoly-
mer

15.2.1 Biochar

Biochar is explored as a sustainable soil amendment material in geoenvironmental
infrastructures, namely landfill cover material [12] and vegetated slope [44]. Use
of biochar derived from pyrolysis of biomasses is reported to decrease the carbon
emission to the atmosphere by 1/4th as against direct combustion of these biomasses.
Biochar amended soil from commercial plant sources was studied with respect to
geotechnical applications. For this purpose, the biochar has been characterized for its
hydraulic conductivity, adsorption capacity, microbial activity, vegetation potential,
strength, and water retention characteristics. It was observed that biochar helps in the
growth of vegetation species in compacted soil facilitating its use in bio-engineered
slope stability applications [12]. A recent study by [9] have shown that addition of
water hyacinth (WH) weed biochar increases the water retention of compacted soil-
biochar composites and decreases the desiccation crack of soil (represented as crack
intensity factor, CIF). Figure15.4 clearly shows that water available for vegetation
is more for BAS as compared to bare soil even after wilting point (1500 kPa). The
biochar being finer can naturally reduce the pore size, thus increasing its retention
capacity as seen in Fig. 15.4. Furthermore, biochar have suitable functional groups
and intra-pores which further help in increasing available water in biochar-amended
soil [47].

15.2.2 Natural Fibers

The use of natural fibers in geotechnical engineering applications has gained popular-
ity due to the present-day need of alternate sustainable materials in contrast to con-
ventional petroleum-based synthetic fibers. Randomly distributed fiber-reinforced
soil (RDFS) using natural fibers has been extensively studied with respect to their
mechanical properties. It was noted that natural fibers improve the strength of the
soil 1.3–3 times based on amendment rate (Fig. 15.5a, [9]). Recently, the effect of
natural lignocellulose fibers on water retention in compacted soil-fiber composite
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Fig. 15.4 Effect of WH biochar on water retention and desiccation cracks of soil (modified after
Bordoloi et al. [9])

has been explored in context to its use in green infrastructure. Water hyacinth fiber
addition of 0.75% by dry weight of soil increases the water retention of bare soil
from 32.1 to 35.7% and further to 42% in case of vegetated soil ([9]; Fig. 15.5b).
Natural fibers, being porous, are hydrophilic in nature and are susceptible to mois-
ture absorption. The structural compositions of cellulose, hemicellulose, and lignin
contain hydroxyl groups (–OH) (Fig. 15.5c), which allow moisture absorption from
the soil matrix [10]. The fibrillary matrix (i.e., macro and microfibrils) further helps
in retaining water and also increases the infiltration rate of the soil-fiber composite
[44]. These fibers can be further coated with hydrophobic layer that can reduce its
degradation rate and enhance strength when used for application where strength is
of major concern [10]. Figure15.6 showcases the result of CBR tests where discrete
fibers were initially coated with nanoparticles. It is clearly seen in Fig. 15.6 that the
surface is coated with nanoparticles, which makes it hydrophobic and increases the
tensile strength of fiber which ultimately increases the CBR of the treated fiber soil
composite.
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Fig. 15.5 Description of a strength improvement of soil due to natural fibers and b–cwater retention
of soil-natural fiber composite and hydrophilic nature (modified after Bordoloi et al. [8, 10])

Fig. 15.6 Surface morphology due to nano-treatment and corresponding change in CBR for soil-
fiber composite
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15.2.3 Biopolymers

Use of biological organic matter such as biopolymers, which are produced via poly-
merization of biomolecules could be very promising to address some of the serious
environmental issues like increasing carbon footprint, alteration in soil pH, accumu-
lation of toxic salt, and drought management. These polymers are prepared either
from the living organism or from bio-waste materials whichmakes it verymuch cost-
effective. Moreover, these polymers are biodegradable with time, does not produce
any harmful waste and have excellent eco-compatibility. Recent experimental studies
have shown that because of its high hydrophilic nature, superabsorbent biopolymers
can improve soil water holding capacity, modify soil permeability, infiltration rates;
reduces soil erosion and surface water runoff [16, 30, 45, 59]. Montesano et al.
[38] have highlighted that the presence of superabsorbent biopolymer in sandy soil
increased the field capacity by 400% compared to the bare soil. The study also
revealed that the plant-available water content (PAWC) and vegetation growth sig-
nificantly increased with polymer amendment. Moreover, the saturated hydraulic
conductivity of soil and the infiltration of water into deeper strata was considerably
reduced due to alteration in the pore geometry with polymer addition [1, 17, 40, 51].
The total fraction of water-accessible pore space in the soil for a particular packing
density decrease exponentially with the increase in polymer concentration [60].

15.3 Concept of Urban Green Infrastructure and
Associated Plant Parameters

Emerging concepts like green infrastructures (i.e. bio-engineered slopes, vegeta-
tive embankments, landfill vegetation cover, green roof) address carbon footprint
while conserving natural resources and minimizing waste throughout the life cycle
of a project [58]. However, the establishment of these vegetated infrastructures are
dependent on the substrate soil medium, which should ideally be designed such
that there are minimal costs involved in maintenance. In many cases, the growth
of vegetation is difficult due to arid environment or nutrient deficient soils. In such
cases, especially in urban green infrastructure, there is a need to enrich the soil nutri-
ent, microorganism and water retention. Urban forest development as a concept has
been an offshoot of green infrastructure and is defined as pocket areas within the
urban spaces which provide for a local ecosystem due to the high density of veg-
etation (trees, shrubs, grass, etc.) [2]. It ultimately develops into a self-sustainable
system where nutrients are provided by shedding of leaves, water conserved by the
organic humus accumulated due to shedding, evaporation is reduced due to canopy
effect and ultimately reduce heat island in surrounding urban spaces [28]. For urban
forestry, the use of appropriate biomaterial can help urban spaces in arid regions to
develop stratum that can easily incubate vegetation and ultimately provide a micro
self-sustainable ecosystem as shown in Fig. 15.7.
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Fig. 15.7 Concept diagram of man-made urban forest and plant parameters to ascertain soil mois-
ture conservation

Although work has been undertaken under the umbrella of bio-engineered slope
stability and landfill vegetation layers using unsaturated soil mechanics in the root
zone, there are not many studies that consider plant hydraulic parameters. Most stud-
ies have considered leaf area index (LAI) and root area index (RAI) to understand the
plant effect on soil suction and moisture profiles [41]. LAI indicates the variation in
canopy area and is dependent on the plant type. Leaf area index refers to the one-sided
green leaves area per unit soil surface area and root area index is defined as the ratio of
surface area of root to the soil surface area [21]. RAI indicates the root architecture,
which directly induces suction and also helps in increasing soil shear strength. Root
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distribution is expressed in terms of root distribution function. Variation of root area
index along the root depth represents the root distribution function. Leaf hydraulics
is majorly dependent on plant stomatal conductance and photosynthetic yield [54],
which has been neglected in understanding root zone unsaturated soil mechanics.
A typical cross section of grass leaf is shown in Fig. 15.7. Stoma is the minute aper-
ture,which occurs in leaf. Transfer rate ofCO2 (entering the leaf), H2O andO2 exiting
through stoma during photosynthesis is termed as stomatal conductance. Transpi-
ration occurs as long as stomata are open. Relatively large opening implies greater
transpiration, whereas, small opening of stoma infers low transpiration rate. In addi-
tion, time and suction alter stomatal conductance during continuous drying period.
Recent studies have shown that stomatal conductance directly effects the evolution
pattern of soil suction in the root zone and influences surface desiccation cracks
[11]. The authors are currently exploring inherent plant parameters such as LAI,
RAI, stomatal conductance, and photosynthetic yield to understand their individual
effect on root zone soil suction under controlled conditions as shown in Fig. 15.8.
The effect of general plant parameters and their effect on soil unsaturated properties
are discussed in the following section.

15.3.1 Leaf Area Index (LAI) and Root Area Index (RAI)

Figure15.9a shows the various root distribution function corresponding to different
LAIs, which were proposed by previous researchers. Uniform root distribution func-
tion [19] and linearly decreasing root distribution function [50] are widely adopted to
understand the soil suction induced due to evapotranspiration through various canopy
areas. Garg et al. [24] have investigated the variation of the root distribution function
of Schefflera heptaphylla corresponding to the change in LAIs. Unlike to [19, 50],
a curvilinear variation of RAI was found along the root depth of Schefflera hepta-
phylla. Gadi et al. [22] numerically investigated the coupled effect of canopy and
root distribution on suction induced in the root zone of vegetated soil. Figure15.9b
shows computed soil suction profile of vegetated soil subjected to 10 h of drying.
LAI of 1.0 was found to induce highest suction at the surface making it more effec-
tive in erosion control than higher LAIs. Significant variation of soil suction can
be seen along the depth for the selected root distribution functions. This shows the
importance and need of actual plant parameters to simulate the suction induced due
to evapotranspiration.

A rapid increase in LAI of Eureka spring wheat was observed by [3]. LAI was
found to decrease after attaining maximum value, which can be attributed to age
effect. The variation in LAI with time was rarely studied for non-crop species used
in bioengineering. Few researchers quantified the growth stages of forage grasses in
terms of number of culms or shoot length [37, 55]. However, variation of LAI during
the growth period was rarely quantified. As the radiant energy penetrate the canopy,
light rays are intercepted by leaves. Transmission of light decreases with increase in
LAI [4]. This can be observed from Beers law based on LAI [4] shown in Eq.15.1.
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Fig. 15.8 Soil and plant parameter measurement under controlled conditions

Fig. 15.9 a Root distribution functions corresponding to various leaf area indexes (after Garg et
al. [24]) and b suction profiles when the vegetation is subjected to 10 h of drying (after Gadi et al.
[22])
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l

l0
= exp(−k × L AI ) (15.1)

where l
l0
is relative light transmission, LAI = Leaf area index (mm2/mm2), and k =

proportionality constant associatedwith angle between leaves and sun rays.Theplants
are usually inclined with an angle to the slope [32]. Light transmission through the
plants in plane and inclined surface would be dissimilar. This dissimilarity is rarely
taken into account in previous studies [21]. Light transmission is generally quantified
in terms of stomatal conductance.

15.3.2 Root Tensile Strength

Roots are categorized into two types: (i) fine roots (diameter <2mm) and (ii) coarse
roots (diameter >2mm) [53]. De Baets et al. [15] discussed the tensile strength
variation with change in root diameter for Atriplex and Anthyllis. It can be observed
that tensile strength of Atriplex is 1.1–4.5 times higher than that of Anthyllis. In
addition, decrease in tensile strength with increase in diameter was observed. Change
in tensile strengthwith increase in diameter ismore significant up to 3mm.Thereafter,
the tensile strength was found to be relatively constant. It is evident that root diameter
varies with depth from the top surface. Furthermore, available water content and
temperature alter the root diameter. In addition, root diameter changes with distance
from edge of the river bank towards inner side. Root tensile strength was considered
to analyze the shear strength of vegetated soil. However, changes in root diameter
were rarely considered to analyze the shear strength.

15.4 Field Monitoring of Green Infrastructure

Vegetation growth in grasslands is generally responsive tometeorological parameters
such as temperature, relative humidity and rainfall depth [20]. Grasslands consist of
more than one type of vegetation. Figure15.10a–e shows the overview of change
in mix grass cover in the vicinity of a tree during four months (after [23]. It can be
observed that area covered by grass is relatively small initially at the end of January
whereas, the surface was completely covered by grass at the end of April.

15.4.1 Spatial Variation of Vegetation Density

Vegetation growth is expressed in terms of vegetation density and shoot length.
Vegetation density is defined as the ratio of area covered by the vegetation to the
surface area of the considered plot. Vegetation density is quantified by processing
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Fig. 15.10 Overview of grass cover and spatial heterogeneity of vegetation density with time (after
[20, 23])

the color of vegetation cover images. ImageJ (public domain image processing tool) is
used to quantify the vegetation density citerasband. Commercially available camera
models are commonly used to capture the images of vegetation cover. The surface
area shown in Fig. 15.10a is categorized into small zones (see Fig. 15.10b) to quantify
heterogeneity in vegetation density. Trail measurements were taken to select the size
of the zone. Maximum size of the grid is 0.125 m. Spatial variation of vegetation
density in the selected site is shown in Fig. 15.10c. Vegetation density at higher radial
distance from tree stem is around 23 times higher than that near the tree stem. One
reason for this may be the difference in radiant energy inception between vegetation
near and far away from tree stem. In addition, the growth competition between tree
roots and grassroots may also be a reason. Grass growth is slowed due to the growth
competition [7].

15.4.2 Spatial Variation of Shoot Growth

Figure15.10d shows the overview of vegetation cover at the end of June 2016.
Figure15.10e shows the spatial variation of shoot growth rate. The surface area
shown in Fig. 15.10d is categorized into small zones (see Fig. 15.10b) on the basis of
trial measurements, to quantify heterogeneity in vegetation growth rate. The average
growth rate of the shoots in a particular zone is assigned as the shoot growth rate of
the entire zone in contours. Vegetation growth rate at higher radial distance from tree
stem is around 6 times higher than that near the tree stem. This can be attributed to the
difference in radiant energy inception and growth competition between vegetation



15 Sustainable Geotechnics: A Bio-geotechnical Perspective 325

near and far away from tree stem. Shoot growth is observed to be reduced due to the
growth competition [7]. It must be noted that the trend of variation of shoot growth
rate is dissimilar to that of vegetation density.

15.4.3 Stomatal Conductance

Soil suction in vegetated soil is influenced by evapotranspiration. Stomatal con-
ductance is one of the crucial parameters, which governs the evapotranspiration in
vegetation. Penman–Monteith equation (Eq.15.2) is used to approximate the evapo-
transpiration in vegetated soil. Stomatal conductance was found to increase with time
initially and attainsmaximumvalue during afternoon due to the rise in radiant energy.
After attaining maximum value, it is found to decrease due to the decrease in radiant
energy and aging effect. Partial closure of stomata occurs as a result of high water
deficit in spite of adequate radiant energy. This shows the importance of carefully
observing and analyzing stomatal conductance for bio-geotechnical research.

PET = Δ(Rn − G) + ρa×cp(es−ea)
ga

λ × (Δ + γ (1 + ga
gs

))
(15.2)

where Δ = slope of saturation vapor pressure curve (kPa k−1), Rn = Radiant energy
(MJ m−2 d−1), G = Soil heat flux (MJ m−2 d−1), ρa = air density (kg m−3), cp =
specific heat capacity of air (MJ kg−1 K−1), es-ea = Vapor pressure deficit (kPa), es
= saturated vapor pressure (kPa), ea = actual vapor pressure (kPa), ga = aerodynamic
conductance (m s−1), gs = stomatal conductance (m s−1), γ =psychrometric constant,
(γ ≈ 66Pa K−1), λ = latent heat of vaporization (MJ kg−1).

15.4.4 Spatial Heterogeneity of Light Condition

It is evident that soil suction may vary spatially in the vegetated field [23]. Reason
for this may be spatial heterogeneity of stomatal conductance due to nonuniform
light and shade condition. The spatial heterogeneity of vegetation in field condition
is generally characterized using three distinct grass covers: (1) grass cover under
tree shade (GUT) (2) grass cover under self-shade (GUS), and (3) grass cover with-
out shade (GWS). The variation of evapotranspiration induced suction (associated
with stomatal conductance) is highly uncertain. This uncertainty is due to changes
in precipitation and radiant energy with time. Most of the previous researchers
[18, 26, 35] adopted the deterministic approach to analyze evapotranspiration
induced suction. However, the deterministic approach could not predict the highly
uncertain variation in suction. Therefore, the probabilistic analysis was found to be
a suitable approach to analyze suction induced in vegetated soils [49]. In addition,
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Fig. 15.11 Variation of a mean and b coefficient of variation of suction with time (after [27])

probabilistic analysis is also required to conduct reliability analysis of bio-engineered
slope. A recent study by Hazra et al. [27] analyzed the suction induced in bare,
grassed and treed slope at a depth of 0.1m using probabilistic approach as shown in
Fig. 15.11a, b. The result shows that the tree species induce higher suction than grass
species and bare soil. Bare soil induces higher suction than grassed soil initially. Rate
of decrease in suction due to wetting is higher in grassed soil as compared to that in
bare soil. It is evident that changes in shoot and root parameters are also highly uncer-
tain. Hence, further studies are required to understand variation of suction caused by
the change in plant parameters using probabilistic approach.

15.5 Future Direction in Sustainable Bio-geotechnology

Figure15.12 encapsulates the aforementioned discussion and provides a basic frame-
work for future research direction in sustainable bio-geotechnology. Regional under-
standing is essential to identify suitable waste biomasses and utilize the same as soil-
biomaterial composite. This can be deciphered by systematic understanding of the
biomaterial in terms of physicochemical, biological and geotechnical characteristics.
There need to be specific classification schemes for biomaterials akin to soil clas-
sification for recommending its use in different geotechnical and geoenvironmen-
tal projects. It is important to consider parameters such as pH, functional groups,
morphology, biodegradation kinetics in addition to conventional geotechnical and
hydrological properties to assess the suitability of biomaterial as soil-biomaterial
composite. It is also necessary to monitor the variations in mechanical and hydraulic
characteristics and hysteretic behavior and losses in desirable characteristics under
climate change scenarios. The performance of the soil-biomaterial composite as a
sustainable stratum needs to be studied by resorting to reduced scale tests and field
monitoring. This paves way for scientific implementation of new age green infras-
tructure such as urban forests, green roof concepts, bio-engineered slopes, sustainable
agricultural practices, and drought management.
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Fig. 15.12 Future direction in sustainable bio-geotechnology

The role of planned afforestation like urban forest for mitigating the effects of
urban heat island, flooding, pollution and CO2 reduction need to be explored in detail
through field monitoring. A scientific approach of siting the urban forest, identifying
appropriate local flora for capturing pollutants and CO2, self-sustainability of the
bio-geosystem, and life cycle assessment is challenging interdisciplinary research
problem highly relevant to the socioeconomic development of the country. Green
roof infrastructure is a recent concept for accommodating rainwater leading to the
reduction in urban flooding, rainwater conservation, provide thermal insulation and
offers a solution to urban heat island. A holistic study is needed to understand the
efficiency of bio-geotechnical characteristics and soil-vegetation in green roof in
achieving the above-stated goals. The concept is still in its infancy in the Indian
subcontinent. The use of microbial interventions and drought-resistant species for
minimizing desertification is a need of the hour for mitigating the harmful effects
of climate change. Development and use of biological fertilizers and pesticides con-
siderably prevent degradation of fertile lands leading to soil and water conservation.
Sustainable practices and low energy intensive bioprocesses need to be developed
for converting agricultural waste to value-added materials. This will offer solution
for exorbitant pollution resulting from the burning of agricultural waste that affects
the air quality of adjacent locations. Adopting the concepts of bio-geotechnology by
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integrating the efforts of agricultural scientists, hydrologists and geotechnologists
would pave way for erosion resistance and soil conservation.

The root zone soil water dynamics is highly sensitive to species used, climatic
conditions and canopy effects. The abiotic stress in plants is a function of not only
plant parameters but also the soil and environmental parameters. Several defini-
tions reported in the literature such as field capacity, wilting point, plant available
water content and residual water content are vague. A well-planned interdisciplinary
research involving geotechnical and biotechnological experts are needed for revis-
iting and redefining the concepts to facilitate effective field implementation. This
necessitate short-term and long-term monitoring of soil-vegetation infrastructures
using state-of-the-art low-cost sensors and instrumentation. This opens up a plethora
of research requirements in terms of development and implementation of monitoring
tools. Wide range of nonintrusive techniques was developed and are researched to
quantify the soil-vegetation-atmosphere continua. Satellite-based space technologies
have progressed manifold in the last few decades. A lot of efforts are ongoing and a
lot more is needed for developing predictive and forecastingmodels necessary for the
advancement of bio-geotechnical practices. On a smaller scale, the development and
implementation of unmanned aerial vehicle (UAV) equipped with appropriate sen-
sor for real-time monitoring of resources and parameters (agriculture, temperature,
pollution, etc.) needs a focused effort.

Most of the studies dealing with soil–biomaterial interaction do not account for
life cycle assessment, aging, and biodegradation of the system. The effect of grad-
ual degradation of biomaterial and its consequent effect in root zone unsaturated
parameters has not been explored in detail. Knowledge in this sphere will truly
help stakeholders to invest and understand this relatively new field of geotechnics
incorporating biomaterials leading to sustainability. For engineered applications, it
is invariably necessary to assess and quantify the bounds of uncertainties associated
with these studies. Since most of the parameters and characteristics are not well
defined and are prone to several inherent and induced uncertainties, it is invariably
necessary to develop mathematical models for capturing the same. Efforts need to be
made to develop statistical and probabilisticmodels for studying bio-geo-atmosphere
interface taking into account measurement fallacies related to instrument and diurnal
variations of parameters. The use of trend analysis and time series modeling will be
required when climate change characteristics need to be integrated with biodegrada-
tion kinetics of soil-bio-atmosphere continua.
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Chapter 16
Recent Developments in Earth Pressure
Reduction Techniques

S. M. Dasaka and V. K. Gade

16.1 Introduction

Retaining walls are structures constructed to retain the soil in steep and deep base-
ments or in slopes where an abrupt change in elevation that exceeds the angle of
repose of the soil [1]. They need to resist loads due to retaining soils, traffic move-
ments, adjoining structures, and earthquakes, during the service life. Retaining walls
may be vulnerable to catastrophic failure during earthquakes, due to sudden increase
in lateral loads. Optimum design of earth retaining structures depends primarily on
the total lateral force and distribution of lateral earth pressures acting on them. Lat-
eral earth pressure on retaining walls decides the sectional dimensions of walls, and
it depend the on height of wall, properties of the soil to be retained and movement
of the wall with reference to the backfill. However, there are instances, such as base-
ment walls, bridge abutments, and box culverts, where wall movements are highly
restricted and they are considered as non-yielding walls. In general, these walls are
designed for lateral earth pressures correspond to the at-rest pressures, which are
considered to be higher than active earth pressures. Significantly higher lateral earth
pressuresmake the retainingwalls bulky and prove uneconomical. In the past, several
methods had been developed to reduce lateral earth pressure acting on retaining wall.
Different approaches such as reinforced retaining walls [2, 3], use of recycled tire
chips [4, 5] and using compressible inclusion at the interface between the retaining
wall and backfill [6–8] were found in the literature.

Any material which is readily compressible due to pressures acting on it is known
as compressible inclusions. Numerous analytical, numerical, field, and laboratory
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experimental studies had been conducted and revealed that use of compressible inclu-
sion significantly reduces the lateral earth pressure (both static and dynamic) on the
rigid retaining structures, and may provide a cost-effective solution.

In recent scenario of compressible inclusions, Expanded Polystyrene Styrofoam
(EPS), aptly named as geofoam, iswidely used because of its unique advantages, such
as lightweight, small amplitude wave damping, thermal insulation, etc., compared
to conventional geosynthetic materials, such as geotextiles, geogrids, and geomem-
branes. Geofoam is a special kind of material, which is free from the common phe-
nomenon observed in most geologic materials, known as dilatancy. EPS inclusions
induced lesser lateral thrust when used behind retaining structures [7, 9, 10, to name
a few]. There were no attempts to understand the actual deformation of compressible
inclusion during loading conditions [7, 11, 12] and effect of creep of compressible
inclusions on the long-term lateral earth pressure reduction needs further understand-
ing to economize design of retaining structures.

16.2 Motivation and Objectives

In general, most of the civil engineering structures are designed for an expected
lifespan of 30–100 years [13], and it is essential to predict the behavior of materials
used in the structures throughout the lifespan of structures. If material properties
change with time, such effects should be incorporated in the design of the structures.
However, studies on the long-term behavior of geofoam and its effect on the earth
pressure have not been given much attention. The aim of the study is to understand
the time-dependent behavior of compressible geo-inclusion on the reduction of static
earth pressures on retaining walls retaining a cohesionless backfill.

16.3 Materials Used and Their Characterization

In the present studyGrade III Indian Standard Sandwas used as retainingwall backfill
material. From the results of the particle size analyses, it can be observed that Grade
III sand is uniformly graded medium to fine sand and are classified as SP according
to the Unified Soil Classification System, USCS [14]. Salient details of the backfill
material adopted in the study are listed in Table 16.1. Expanded polystyrene (EPS)
geofoam samples of three different densities (15 kg/m3, 20 kg/m3, and 25 kg/m3,
referred to as EPS15, EPS20, EPS25, respectively) were adopted for the experimen-
tal study. Geofoam panels with 600 mm in length, 300 mm in width, and 25 mm
in thickness, procured locally, were used in the retaining wall model studies. The
mechanical properties of geofoam are presented in Table 16.2. Detailed experimental
program, testing procedure, and results of properties EPS geofoam can be obtained
fromGade andDasaka [15]. Themelting temperature of the geofoamwas obtained as
145 °C from thermo-gravimetric analysis. Similarly, the glass transition temperature
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Table 16.1 Properties of Grade III sand used in the present study

Description Grade III

Specific gravity of soil solids, Gs 2.65

Mean diameter of soil particles, D50 (mm) 0.28

Coefficient of uniformity, Cu 1.42

Coefficient of curvature, Cc 0.93

Minimum dry unit weight, γdmin (kN/m3) 14.29

Maximum dry unit weight, γdmax (kN/m3) 17.33

Table 16.2 Properties of EPS geofoam

Designation Density
(kg/m3)

Elastic limit
(%)

Young’s
modulus, E
(MPa)

Compressive
strength,
σ c (kPa)

Yield
strength,
σ y (kPa)

EPS10 10 1.4–1.8 0.88–0.93 28–30 21.5

EPS15 15 2.6–2.8 1.99–2.28 63–70 55

EPS20 20 2.7–3 2.99–3.61 96.3–108 90

EPS25 25 2.1–3 5.99–6.46 126–142 122

for the Geofoam samples was obtained as 42 °C. Time–Temperature–Stress Super-
position (TTSS) accelerated creep testing was carried out the geofoam samples to
understand the long-term creep behavior of geofoam used in the present analysis.
Generally, an average room temperature in Mumbai region varies in the range of 28
± 2 °C, due this a reference temperature of 29 °C is adopted. Creep strains induced
in the geofoam specimen were estimated for a period of 100 years. At the end of
100 years, geofoam samples of EPS15, EPS20, and EPS25 experienced 2.12, 2.4,
and 2.11% creep strains, respectively. Figure 16.1 shows the results of the creep test
carried out on EPS25 geofoam samples.

16.4 Experimental Program

Small-scale 1g model tests were carried out in the laboratory to measure lateral
earth pressures on the retaining walls retaining dry cohesionless backfill, with and
without the use of compressible geofoam inclusion. Air pluviation method using
Mechanized Traveling Pluviator (MTP) was adopted in the study to prepare the sand
beds, and miniature cone penetration testing was used to evaluate the uniformity of
the prepared sand beds. All model backfills are prepared at 65% relative density,
using 10 mm diameter orifice, four diffuser sieves, and 12.5 cm height of fall. More
details on the pluviator (MTP) system used and the methodology adopted to prepare
the sand beds can be found inGade andDasaka [16]. Diaphragm-based earth pressure
sensors were used to measure the lateral earth pressures on the wall. All pressure
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Fig. 16.1 Results of TTSS method for EPS25 geofoam a initial test data b master compressive
creep strain curve

sensors were properly calibrated before using them in the model tests. In case of
no-foam conditions, the earth pressure sensors were in direct contact with sand.
Conversely, with geofoam inclusions at the interface between the retaining wall and
the backfill, earth pressure sensors were in contact with the geofoam, but not with
sand. In view of two different materials, with which the earth pressure sensors were
in direct contact during the experiments, extensive calibration studies were carried
out to understand the calibration response of sensors based on the type and nature of
contacting material. More details on the calibration of earth pressure sensors can be
found in Gade [17] and Gade and Dasaka [18].

In the present study, earth pressures were measured on rigid non-yielding walls,
and the model set up consists of rigid tank, rigid stainless steel plate, earth pressure
sensors, surcharge load, camera, and its fixtures, illumination set up, rigid support
and plastic markers, as shown in Fig. 16.2. Stainless steel material was selected to
prepare model rigid tank. However, acrylic glass material was used on one side of the
tank to capture the soil and geofoam movements during the testing. The model tank
has internal dimensions of 1200 mm × 305 mm × 700 mm. Additional stiffeners
were placed on acrylic side of the container to enhance the rigidity of the tank. The
model plate was made of stainless steel material and along the central line grooves
weremade to accommodate EPCs tomeasure the lateral earth pressures frombackfill.
A stainless steel plate of 700 mm × 300 mm × 18 mm thick is adopted for model
tests. The model plate was hinged at bottom. Pictorial view and schematic view of
model wall are shown in Fig. 16.3a and b, respectively. Total six sensors were affixed
at midline of plate at 100 mm spacing. Care was exercised to protect the cables of
the sensors from damage.

Majority of model tests were performed by placing surcharge loading at distance
of 150 mm from the face of model plate, which is one-fourth of height of backfill.
Single surcharge load of 43 kPa is applied for 10min duration on backfill; lateral earth
pressure on wall achieves steady state well within the adopted duration of loading.
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Fig. 16.2 Experimental set up including loading system used to measure lateral earth pressures on
the wall

16.5 Results and Discussions

16.5.1 Creep Tests on Geofoam Samples

Servo-hydraulic actuator was used for performing the pseudo-long-term tests on
100 mm cube samples of geofoam. The test procedure comprises of four steps (i) ini-
tially required amount of load was applied to induce an desired value of compressive
creep in geofoam samples in 60 s, followed by (ii) maintaining applied compressive
creep for 3 h (>104 s), (iii) removal of external load causing compressive creep from
the geofoam sample, and (iv) testing geofoam samples under compressive load at
10%/min strain rate, similar to static compression tests. During the testing, load on
the sample was continuously monitored during steps 1–3 through servo data logger,
as shown in Fig. 16.4a, b.

In this study, EPS15, EPS20, and EPS25 geofoam samples were subjected to
compressive creep of 3% for 3 h duration. At the end of 100 years, compressive
creep strain, obtained from TTSS accelerated creep tests, ranges from 2.11 to 2.4%
for three densities of geofoam. A slightly higher value (3%) of compressive creep
was chosen, to accommodate strain relaxation during the transit, and to evaluate the
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Fig. 16.3 Model retaining wall with location of earth pressure sensors a pictorial view b schematic
view

Fig. 16.4 EPS20 geofoam a resistance offered during holding period under 3% compressive creep
and b axial load-strain response
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Fig. 16.5 Compressive
stress–strain behavior of
initial and 3% compressive
creep sustained geofoam
samples

long-term behavior of geofoam. The results obtained from pseudo-long-term test on
EPS20 geofoam sample are shown in Fig. 16.4. It was observed that after 3 h of hold-
ing period, resistance offered by geofoam sample was more or less constant. After
geofoam samples sustained required compressive creep strain, they were tested at
10% strain/minute, similar to static compression tests. Compressive creep induced
and non-sustained geofoam samples stress–strain responses are shown in Fig. 16.5. It
was noted that irrespective of density of geofoam, compressive creep sustained sam-
ples experienced lower stress levels at any strain values compared to original geofoam
samples. This behavior leads to lower Young’s modulus, compressive strength, and
yield strength. Table 16.3 summarizes properties of 3% compressive creep sustained
samples and the corresponding non-sustained geofoam samples.Variation ofYoung’s
modulus with increase in compressive strain is shown in Fig. 16.6 for all the three
densities of geofoam. It was observed that Young’s modulus of geofoam decreases
with increased compressive creep.

16.5.2 Effect of Creep of Geofoam on Long-Term Static
Lateral Earth Pressure

From the preliminary pseudo-long-term static compression studies on the 100 mm
cubes, it was observed that compressive creep sustained geofoam samples exhibit
lower values of mechanical properties than that of original samples. For assessing
the benefit of geofoam in reducing the long-term earth pressures, creep sustained
geofoam panels were used in model tests. For conducting retaining wall model tests
simulating the long-term conditions, geofoam panels were initially compressed to
a desired level before placing them at the interface between the model retaining
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Table 16.3 Properties of geofoam samples subjected to compressive loads

Properties Density

EPS15 EPS20 EPS25

Initial After CC3% Initial After CC3% Initial After CC3%

Young’s
modulus
(MPa)

3.03 2.33 5.08 3.48 6.24 4.67

Compressive
strength
(kPa)

66.5 61.4 102 96 130.5 109

Yield
strength
(kPa)

55 51.5 91 86 123 99.5

Fig. 16.6 Variation of
Young’s modulus of
geofoam samples with
compressive creep strain

wall and the backfill. Detailed schematic view of experimental set up used to induce
pre-compression in geofoam panels is shown in Fig. 16.7.

Pseudo-long-term (PLT) static model tests were performed on four densities
(EPS10, EPS15, EPS20, and EPS25) of geofoam, and details of PLT static tests
performed in the study are listed in Table 16.4. A compressive strain of 3% was
induced in geofoam panels before using them in pseudo-long-term model tests.

Results of pseudo-long-term static load tests with four geofoam densities are
shown in Fig. 16.8. For comparison, measured lateral earth pressures on retaining
walls with backfill alone (without foam—WOF) and with using original geofoam
panels (uncompressed) at the interface between the model retaining wall and backfill
are also shown in Fig. 16.8. Slightly lower earth pressures were observed for the
creep induced geofoam model tests compared to that of geofoam panels. In pseudo-
long-term tests, desired compressive creep was applied to geofoam samples prior to
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Fig. 16.7 Drawing details of geofoam panel compression set up

Table 16.4 List of
pseudo-long-term model rigid
retaining wall tests

S. no. Density of
foam

Thickness of
geofoam (GT)

Surcharge
position

1 EPS10 50 H/4

2 EPS15 50 H/4

3 EPS20 50 H/4

4 EPS25 25 H/4

model testing. In PLT tests, geofoam samples experience permanent strains, due to
which much lower lateral earth pressure measure on model wall was noticed.

Image analysis of geofoam compression was carried out based on the images cap-
tured during the pseudo-long-termmodel tests. Geofoam compression wasmeasured
at ten selected points along the height of backfill. It was noted that irrespective of the
density, creep induced geofoam panels exhibited higher geofoam compression than
that of original geofoam panels.

In order to assess the extent of reduction of lateral thrust on retaining wall in the
presence of geofoam, the term “isolation efficiency” is used. In the past, Ertugrul
and Trandafir [19], Zarnani and Bathurst [20], and other researchers used this term
for understanding the efficiency of geofoam in reducing the earth pressure acting on
retaining wall. Isolation efficiency is defined here as the ratio of difference between
total lateral thrust for no geofoam case (Twof ) and geofoam case (Twf ) and the total
lateral thrust for no geofoam case (Twof ).

IT � Twof − Tw f

Twof
× 100 (16.1)

where IT—isolation efficiency, %,
Twof—Lateral thrust on retaining wall without geofoam, kN/m,
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Fig. 16.8 Lateral earth pressure on retaining wall with a EPS10_CC3%, b EPS15_CC3%
c EPS20_CC3% and d EPS25_CC3%

Fig. 16.9 Lateral earth
pressure isolation efficiency
from pseudo-long-term tests

Twf—Lateral thrust on retaining wall with geofoam, kN/m.
Isolation efficiency of lateral thrustwas evaluated for pseudo-long-term tests using

compressive creep sustained geofoam panels. For comparison, respective isolation
efficiency using original geofoam panels are also plotted in Fig. 16.9. Under static
loading, it was observed that lateral thrust isolation efficiency using compressive
creep sustained geofoam was found to be 2.4–8.1% higher compared to that of
original geofoam.

From pseudo-long-term tests on 100 mm geofoam cubes, it was observed that
Young’s modulus decreases with increase in compressive creep strain. Also, it can
be observed that lower the density of geofoam lesser the lateral earth pressure on
retaining wall, and Young’s modulus directly depends on density. The above obser-
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vations might have attributed to the much lower lateral earth pressure obtained from
pseudo-long-termstatic tests, compared to respective short-termstatic tests.Geofoam
panels were compressed to 3% compressive creep before using in pseudo-long-term
model tests, which eventually lead to reduction in Young’s modulus of geofoam.
From these observations, it can be concluded that Young’s modulus of a particular
density of geofoam decreases with increase in compressive creep strains and it helps
in reduction of lateral earth pressure on retaining wall.

16.6 Conclusions

Based on the extensive experimental investigation carried out on laboratory scale
models to measure lateral earth pressures on the rigid non-yielding retaining wall
retaining dry cohesionless backfill, with and without compressible geofoam inclu-
sion, the following conclusions can be drawn.

• From TTSS accelerated creep testing method, EPS15, EPS20, and EPS25 geo-
foam samples experienced compressive creep strain of 2.12%, 2.4%, and 2.11%,
respectively, at the end of 100 years.

• From pseudo-long-term tests, it was observed that geofoam samples exhibit
reduced values ofYoung’smodulus, compressive strength, and yield strength com-
pared to that of short-term tests.

• Creep induced geofoam panels were found more efficient than original geofoam
panels in decreasing the earth pressure acting on the retaining wall.

• Higher lateral thrust isolation efficiency, in the range of 2.4–8.1%, was observed
from the pseudo-long-term tests compared to that of short-term studies.

• Lastly, from the series of model tests carried out in the present study, it can be
observed that use of geofoam panels at the wall–backfill interface in rigid retaining
walls is highly beneficial in decreasing the lateral earth pressures on the wall. In
addition, through a systematic study carried out for the first time, it was revealed
that use of Geofoam at the wall–backfill interface continuously reduces the in-
service earth pressures on retaining walls.
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Chapter 17
Probabilistic Study on the Geotechnical
Behavior of Fiber Reinforced Soil

Arif Ali Baig Moghal , B. Munwar Basha and Mohammed Ashfaq

17.1 Introduction

Expansive soils causemillions of dollars of damage eachyear due to their swell/shrink
behavior during moisture ingress and digress. Through a detailed review of expan-
sive soils, the annual cost of damage due to these soils in the United States alone
was estimated as $2.3 billion [1]. Petry and Armstrong [2] noted that it was more
economical to perform initial stabilization of these soils before/during construction
of the overlying structures rather than performing remedial treatments later with
existing structures around. An efficient and stable solution in the short term has
been attained by chemical stabilization of expansive soils. However, these methods
are unpredictable in their long-term durability and are dependent on environmen-
tal conditions such as availability of water, mineralogy and construction methods
[3, 4]. Providing reinforcement using randomly mixed synthetic fibers is a cost-
effective and eco-friendly option to strengthen the soils in tension. The inclusion of
Polypropylene (PP) fibers in soil showed a minor increase in optimum water content
but a significant reduction in the maximum dry unit weight [5]. However, durability
could be an issue when natural fibers (palm and jute fibers) are employed as they
offer an improvement on only short-term basis and are beneficial for only shallow
depths [6–8]. In order to circumvent the durability issue, synthetic polypropylene
fibers having durable lifespan were used [9, 10]. The currently available literature
suggests that behavior of fiber-reinforced clays is affected by fiber characteristics
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(including fiber orientation, type, length, thickness, dosage, and geometry), nature
of clay, and type of stabilizer [11–19].

Consoli et al. [20] studied the effect of fiber reinforcement (monofilament
polypropylene fibers) on the UCS of cemented soils. The study revealed that, for
the whole range of cement tested, the addition of fiber resulted in an increase in UCS
for both fibers reinforced as well as unreinforced samples. In an another extended
study by Consoli [09], reported that porosity and the cement content play a crucial
role in improving the qu value for different fiber contents. It was observed that an
explicit relation between qu and cement/porosity ratio has been established (Civ �
η) by considering the change in qu values on increasing porosity and cement values.
In a study on six soil samples at various combinations of lime and fiber contents, it
was observed that the compressive strength of samples increased with an increase in
fiber content [21].

On studying the wetting and drying cycles of subgrade material, it was observed
by Mirzaii and Negahban [22] that CBR is a function of nature of soil-water char-
acteristic curve (SWCC) and the initial compaction dry density and matric suction.
Yideti et al. [23] demonstrated a relation between the amount of load-carrying aggre-
gate particles and increasing CBR values after considering the influence of aggregate
packing configuration on the CBR values. CBR behavior of natural soils is gener-
ally dependent on nature and type of soil, optimum moisture content, compacting
density, method of compaction, Los Angeles abrasion value and heavily reliant on
the concentration of fibers [24]. It was observed by previous researchers that the
CBR values were higher in case of multifilament fibers compared with fibrillated
fiber mainly due to the harder texture of fibrillated polypropylene fiber, Also, they
observed that the CBR values started to decrease when fiber doses were greater than
0.5% for both types of fibers [25–27].

In landfill lining systems, compacted clay liners form the integral part. The essen-
tial purpose of a compacted clay liner is to inhibit flow and subsequently, hydraulic
conductivity becomes the most significant factor affecting it [28, 29]. It was also
observed that linear shrinkage values are greatly affected by fiber inclusion in the
presence of lime [30]. In this regard, stabilized soil in combination with randomly
oriented fibersmay be considered in combinationwith stabilized soil. In this research,
the effect of randomly oriented polypropylene fiber inclusion on the hydraulic con-
ductivity, strength performance and CBR of a lime stabilized expansive soil was
studied.

17.2 Testing Program

17.2.1 Materials

In the present study, high plastic clay from Al-Ghat area has been selected. The
soil exhibited a natural moisture content of 3.2%. The liquid limit, plastic limit and
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Table 17.1 Properties of
tested fiber materials

Property FC FM

Specific gravity 0.91 0.91

Electrical
conductivity

Low Low

Tensile strength
(N/mm2)

440 330

Ignition point 1100 °F (593 °C) 1100 °F (593 °C)

Acid and salt
resistance

High High

Thermal
conductivity

Low Low

Melt point 324 °F (162 °C) 324 °F (162 °C)

Alkali resistance Alkali proof Alkali proof

Water absorption Nil Nil

Note “FC” and “FM” refer to “Fiber Cast® 500” and “Fiber
Mesh® 300” respectively

plasticity index values were found to be 66, 32 and 34% respectively, whereas the
shrinkage limit and bar linear shrinkage limit values were found to be 15 and 31%
respectively. As per unified soil classification system, the soil has been classified as
clay of high plasticity, i.e., “CH.” The maximum dry density and optimum moisture
content values were found to be 1.64 g/cm3 and 25% respectively. Lime is a proposed
binder for both unreinforced and fiber-reinforced soils. Its addition to expansive soils
leads to the cementation bonds formation due to the flocculation of clay particles
[31]. Lime dosage was fixed at 6% by dry weight of the soil, satisfying initial lime
consumption and optimum lime requirements [32, 33]. Two types of fibers were
studied in this research, the FIBERCAST® 500(FC) and FIBERMESH® 300(FM).
These fibers of nominal 6 and 12 mm lengths were procured from a UK based
company Propex, LLC. The fiber amount was fixed at 0.6% by dry weight of soil
based on previous studies [22, 34, 35] and the physicochemical properties of fibers
are presented in Table 17.1.

17.2.2 Methodology

The standard proctor tests in accordance with ASTM code [36] were performed to
determine the optimum moisture content (OMC) and maximum dry density (MDD)
for each mix.

Hydraulic Conductivity Test. The compacted specimen along with the perspex
hydraulic conductivity mold was kept in a desiccator and thereby maintaining a rel-
ative humidity more than 95%. Hydraulic conductivity of 7, 14 and 28 days cured
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specimen was determined as per ASTM code [37]. The variation in Hydraulic con-
ductivity was found to be very less on changing hydraulic gradient from 5 to 40
[38].

UnconfinedCompressiveStrengthTest. The compacted soil sampleswerewrapped
in plastic wraps and preserved in a 100% humidity room to avoid any moisture
movements. These samples were cured for 1.7, 28, 60, 120, 180, and 360 days. The
weight of the cured specimens to be tested were compared to their original weight,
the specimens which showed a reduction of more than 5% of its weight due to heat of
hydration were rejected. Further, the samples whose diameter deviated by more than
±0.5 mm and length by more than ±1 mm were discarded and the samples whose
dry density to degree of compaction ratio was falling outside the range of 99–101%
were discarded.

California Bearing Ratio (CBR) Test. To determine the force required for a pene-
tration up to 12.5 mm, the samples were tested at their respective optimum moisture
content and maximum dry density as per ASTM [39]. Lime addition to dry soil was
done before mixing with fibers and was cured for a period of 14 days in a 100%
humidity room. Further, care was taken to prevent any moisture movements from the
samples by wrapping them in plastic wraps with the help of adhesive tape.

17.3 Results and Discussions

The results obtained from hydraulic conductivity, UCS and CBR tests performed on
Al-Ghat soil are discussed in the following subsections. The untreatedUCS, andCBR
forAl-Ghat soilwas 589.1 kPa, 5.97, respectively, and the hydraulic conductivity tests
results are presented in Table 17.2. Based on the results, in the following sections, the
effect of amount of fiber, fiber type and curing period on the lime-treated expansive
soil is discussed. In this study, UCS tests were extended for curing periods up to
360 days to establish the length of time beyond which no additional strength gain is
possible.

17.3.1 Effect of Fiber Type

It is clear from Table 17.2, that at higher dosages of fiber (0.6%), the FM is found
to be more effective in increasing the hydraulic conductivity and at lower dosage
levels, their performance is like one another. It can also be observed that as the
dosage increased from 0 to 0.6%, the hydraulic conductivity of the soil showed an
increasing trend for both 6 and 12 mm lengths.

Relatively higher secant moduli are noticed for FC fibers compared to FM type.
This is attributed to higher frictionmobilization in FM type alongwith crystallization
of pozzolanic compounds which makes the sample more brittle compared to FC type
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FCFM

Fig. 17.1 Fibers used in the study and their SEM images

where these friction mobilization levels are low owing to smooth morphological
texture features (Fig. 17.1).

It was observed that CBR of FM was higher than FC by about 20% and 60% in
the case of 1 day and 14 days cured samples respectively. This higher value of CBR
for FM can be attributed to their rough micro surface texture compared to FC fiber.

17.3.2 Effect of Fiber Length and Amount of Fiber

From the results, it was evident that hydraulic conductivity of the soil was affected
by the length of the fiber used. Table 17.2 shows that for both the type of fibers, the
hydraulic conductivity values were found to be higher for longer fiber lengths. This
might be due to the action of fibers as drainage conduits facilitating the flow of water,
longer the fiber the longer the conduit.
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Fig. 17.2 Variation in UCS data for amount and length of fiber with lime treatments at 28-day
curing

Figure 17.2 demonstrates the effect of the amount and length of fiber on the UCS
values for the selected soil. It can be observed that in case of FC fiber as the amount
of fibers increased from 0.2% to 0.6% the UCS values reduced by 32% and 39% for
6 mm and 12 mm lengths, respectively. This reduction is due to the fact that smooth
textured fibers (FC) (Fig. 17.1) do not allow the soil to compact upon reinforcement
and they reduce the cohesion of the soil by increasing the distance between particles.
The increase in friction induced by the smooth FC fibers does not compensate this
loss in cohesion. On the contrary, in the case of FM fiber, for a similar change in
fiber amount, the UCS values for samples mixed with 6 mm fiber length reduced by
30% while those of 12 mm fiber lengths showed an increase of 12%. The reduction
in strength with increase in the case of FC compared to FM is predominantly due to
difference in the respective surface morphological properties as seen from Fig. 17.1.
The surface of FC is relatively smooth compared to that of FM with elongated
protrusions enabling greater mobilization of friction levels. The rate of increase in
UCS values with increase in fiber length for FM fiber is only marginal 12%, which
reinforces the fact that higher dosage of shorter fibers is preferred over longer fibers.
This is in agreement with the findings of Consoli [09], wherein the authors claim that
for cement treated fiber-reinforced soils, the adjusted cement/porosity ratio does not
depend heavily on the fiber content.

From Fig. 17.3, For FC-type fibers (6 and 12 mm), the rate of increase in secant
moduli values (at 50% peak strength) compared to untreated soil, reduced with
increase in fiber dosage. This reduction is much higher in FM type fibers compared
to FC type fibers. In fact, FM fibers owing to their distinct surface morphological
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Fig. 17.3 Effect of fiber dosage and length on soil secant modulus

properties (Fig. 17.1) endure higher peak stress values at lower strain levels compared
to FCfibers and this drastically affects their secantmodulus values. Further, this effect
is more pronounced for shorter 6 mm fibers compared to longer 12 mm fibers with
increase in dosage levels for FM type fibers.

The higher increase in CBR value was noted for longer fibers (12 mm). This may
be due to their greater contact surface with soil particles and pozzolanic compounds,
enabling them to mobilize greater friction compared to shorter fibers (6 mm). How-
ever, for both 1 day and 14 days cured samples, the increase in CBR values between
both 6 and 12 mm fibers was found to marginal (6–7%) (see Fig. 17.4).

17.3.3 Effect of Curing Period

From Table 17.2 it can be noted that hydraulic conductivity of zero-day cured sam-
ple increased on addition of fibers when compared to the untreated soil. However,
with this value decreased with progress in curing period. This behavior is due to the
formation of pozzolanic compounds by lime, eventually making the soil less con-
ductive. Further, it was also noted that even after 28 days of curing, the hydraulic
conductivity is still lower than the untreated soil.

It was observed that rate of gain of UCS was greatly influenced by the combined
addition of lime and fiber It should also be noted that the UCS values increased
with curing periods up to 60 days and relatively stayed constant after that. Prima
facie, it appears that up to 60 days curing period, the release of reactive silica and
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Fig. 17.4 Effect of curing period and fiber length of both fiber types on CBR values at a dosage of
0.6% after 1 day and 14 days curing period

alumina from inert clay phase proceeds without any hindrance owing to smooth
solubility of silica. At higher curing periods (above 60 days), the readily available
reactive silica is consumed and the pH of the resultant soil-system drops inhibiting
any further release of amorphous reactive silica [40]. Further, the addition of fibers
disturbs the alteration of water film surrounding the clay minerals and does not allow
the pozzolanic materials to progress after reaching equilibrium levels (in this study
equilibrium levels can be taken as 60 days). Accordingly, the rate of gain in UCS at
higher curing periods proceeds at a slower rate (Fig. 17.5).

It can be noted from Fig. 17.6 that the secant modulus values increased with cur-
ing periods up to 60 days and stayed approximately constant until 180 days and this
increase is proportional to the increase in UCS values (Figs. 17.2 and 17.3). Up to
180 days, the amorphous nature of pozzolanic compounds formed allows the sam-
ples to endure higher strain levels, which resulted in proportional increase in secant
modulus values on par with UCS values. The secant modulus values increased con-
siderably for the 360 day cured samples for all mixes, irrespective of the type (i.e., FC
and FM) and length (i.e., 6 or 12 mm) of fiber. This is attributed to the transformation
of amorphous pozzolanic compounds to crystalline form, which endures relatively
lower strain levels even at higher peak stress levels as seen from Figs. 17.2 and 17.3
[40].

From Fig. 17.7 it can be observed that CBR characteristics have been highly
affected by curing and showed an increase of about 310%. Lime could stabilize the
soils through cementation and this is due to the reaction between lime and reac-
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FM

FC

Fig. 17.5 Variation in UCS strength with curing period for FC and FM-treated soil
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FC

FM

Fig. 17.6 Variation in FC and FM secant modulus with curing period
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Fig. 17.7 Effect of curing time on CBR values for FC and FM fiber reinforcement

tive alumina and silica present in the soil, eventually leading to the formation of
pozzolanic compounds [41, 42].

From Fig. 17.7 it can be observed that CBR characteristics have been highly
affected by curing and showed an increase of about 310%. Lime could stabilize the
soils through cementation and this is due to the reaction between lime and reac-
tive alumina and silica present in the soil, eventually leading to the formation of
pozzolanic compounds [41, 42].

17.4 Nonlinear Regression Fitting

Nonlinear regression models are chosen to represent the experimental values of
hydraulic conductivity, UCS and CBR. The proposed equations for hydraulic con-
ductivity with FC and FM reinforcements are provided below:

KFit_FC_AG1 � 3.941 × 10−12(LFC)3.016(36324.088)DFC (17.1)

KFit_FM _AG1 � 2.486 × 10−11(LFM)2.910(1215.103)DFM (17.2)

The proposed equations for CBR of the reinforced expansive soil with FC and FM
reinforcements are provided below:
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CBRFit_FC � 19.94 + 0.453LFC + 11.325DFC + 2.7720 × 10−14(DFC)2 (17.3)

CBRFit_FM � 21.29 + 0.837LFM + 11.303DFM − 0.075(DFM)2 (17.4)

The best-fit equations for the estimation of UCS of the reinforced expansive soil with
FC and FM reinforcements are given below:

UCSFit_FC_28 � 2137.79 − 39.86(LFC) − 1006.95(DFC)+ 839.75 (DFC)2 (17.5)

UCSFit_FM _28 � 2329.16 − 82.74(LFM) − 1662.39(DFM)+ 2688.31(DFM)2

(17.6)

17.5 Reliability-Based Design Optimization

The problematic soils may be stabilized by using discrete fibers with subgrade soils.
The fiber reinforcement prohibits the formation of weak planes parallel to the ori-
ented reinforcement. The effect of fibers on the dynamic and mechanical properties
was reported by Ozkul and Baykal [43], Cai et al. [44], and Tang et al. [38]. It is
also important to consider the high degree of variability associated with synthetic
fibers due to the type of fiber material, configuration of the fiber reinforcements, the
environmental factors, saturation of fibers because of percolation of rainwater, the
magnitude of stress, and biological effects of additives and stabilizers [31]. Therefore,
the frictional resistance between soil particles and fibers and tensile strength over
the period of time reduces substantially. Mirzaii and Negahban [22] reported that the
CBR value depends on matric suction, initial compaction dry density and soil-water
characteristic curve (SWCC). Therefore, the hydraulic conductivity, UCS and CBR
of the subgrade soil is considerably affected. It is essential to evaluate the safety
of pavements with suitable approaches that consider variability and uncertainty in a
rational way.

Chou [45] andDivinsky et al. [46], Chua et al. [47], Timmet al. [23], andKenis and
Wang [48], AASHTO [49], Kim et al. [50], Kim and Buch [51] and Retherford and
McDonald [52] proposed reliability-based design of pavements using CBR method.
Sani et al. [53] reported the first-order reliabilitymethod (FORM) for the probabilistic
analysis of treated black cotton soil for UCS, CBR, and resistance to loss in strength.
Recently, Moghal et al. [54] proposed reliability analysis to study the influence of
fiber reinforcement on the hydraulic conductivity behavior of lime blended expansive
soils.Moreover, the influence offiber reinforcement onUCSbehavior of limeblended
semiarid soil is proposed by Moghal et al. [30] using the target reliability approach.
However, guidelines need to be proposed for the design of pavements. In view of
the above discussion, present paper reports on reliability-based design of pavements
considering variability associated with hydraulic conductivity, UCS and CBR of
subgrade, fiber type, fiber content, and fiber length.



358 A. A. B. Moghal et al.

The present work reports a framework for target reliability-based approach (TRA)
for ensuring adequate safety against liner material failure, unconfined compressive
strength failure, CBR strength failure of lime blended expansive subgrade soil con-
sidering the variability associated with the coefficient of permeability, UCS, CBR,
and characteristics of fiber reinforcement (type, length and dosage). Nonlinear equa-
tions are presented for computing the hydraulic conductivity, UCS, and CBR of
treated and fiber-reinforced expansive soils in terms of the dosage and length of fiber
reinforcement. The optimum dosage and lengths of fiber reinforcement needed to
maintain stability against hydraulic conductivity, UCS, and CBR failure modes by
targeting various reliability indices.

17.5.1 Performance Functions for Hydraulic Conductivity,
CBR, and UCS Strength

The reliability of liner material using Al-Ghat soil characterized by hydraulic con-
ductivity (K) can be defined

Reliability � P(K < Kmax) (17.7)

where Kmax � the maximum specified hydraulic conductivity (i.e., 1 × 10−7 cm/s
in the present study). Failure occurs when hydraulic conductivity ≥ the maximum
Kmax of 1 × 10−7 cm/s.

g1(x) � Kmax
KFit_FC_AG1

− 1 (17.8)

g2(x) � Kmax
KFit_FM _AG1

− 1 (17.9)

A reliabilitymeasure of assurance of performance of subgradematerial characterized
by CBR is defined as

Reliability � P
(
CBR ≥ CBRmin

)
(17.10)

whereCBRmin is theminimumCBRvalue to prohibit subgrade soil failure. TheCBR
failure of lime blended and reinforced expansive soil occurs when CBR < CBRmin.
Therefore, the limit state functions can be written as

g3(x) � CBRFIT_FC

CBRmin
− 1 (17.11)

g4(x) � CBRFit_FM

CBRmin
− 1 (17.12)
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The UCS of pavement subgrade material failure occurs when UCS < UCSmin as
shown below.

Pf � P
(
UCS < UCSmin

)
(17.13)

where UCSmin is the minimum UCS value to prohibit failure of subgrade soil. The
limit state functions for UCS failure for FC and FM reinforcements with 28 days
curing period are given by

g5(x) � UCSFit_FC_28
UCSmin

− 1 (17.14)

g6(x) � UCSFit_FM _28

UCSmin
− 1 (17.15)

17.5.2 Estimation of Length of Fiber Cast (LFC), Length
of Fiber Mesh (LFM), Amount of Fiber Cast (DFC),
Amount of Fiber Mesh (DFM)

The following nonlinear constrained optimization can be performed in standard nor-
mal space as illustrated by Basha and Babu [21, 55]

Find LFC andDFCwhich

{
minimizes
subject to

g1(u)√
uTu � βK_FC

(17.16)

Find LFM andDFM which

{
minimizes
subject to

g2(u)√
uTu � βK_FM

(17.17)

Find LFC andDFC which

{
minimizes
subject to

g3(u)√
uTu � βUCS_FC_28

(17.18)

Find LFM andDFM which

{
minimizes
subject to

g4(u)√
uTu � βUCS_FM _28

(17.19)

Find LFC andDFC which

{
minimizes
subject to

g5(u)√
uTu � βCBR_FC

(17.20)

Find LFM andDFM which

{
minimizes
subject to

g6(u)√
uTu � βCBR_FM

(17.21)

where βK_FC � reliability index against liner material treated with FC reinforce-
ment,βK_FM � reliability index against linermaterial treatedwith FM reinforcement,
βUCS_FC_28 � reliability index against UCS failure when treated with FC reinforce-
ment, βUCS_FM _28 � reliability index against UCS failure when treated with FM
reinforcement, βCBR_FC � reliability index against CBR failure when treated with
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FC reinforcement, and βCBR_FM � reliability index against CBR failure when treated
with FM reinforcement.

17.5.3 Optimum Length and Dosage of Fiber Cast and Fiber
Mesh for Al-Ghat Soil

The length and dosage of FC and FM for lime blended expansive soil have a consid-
erable effect on the safety against liner material failure, UCS failure, CBR strength
failure. Hence, an adequate dosage and length of the fiber need to be provided to
maintain the desired performance. Figure 17.8a–c show the optimumvalues of length
(LFC) and dosage (DFC) of FC for various target values of target reliability indices,
βK_FC , βUCS_FC_28 and βCBR_FC forUCSmin � 1103 kPa,CBRmin � 20%, dosage of
FC reinforcement (DFC)� 0.2%, 0.4%, and 0.6%, length of FC reinforcement (LFC)

(a) (b)

(c)

Fig. 17.8 Effect of LFC with DFC on a βK_FM. b βUCS_FM_28 and c βCBR_FM for Al-Ghat soil with
fiber cast for COV of UCSmin � 10%, COV of CBRmin � 10%, and COV of Kmax � 10%,
respectively
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(a) (b)

(c)

Fig. 17.9 Effect of LFC with DFC on a βK_FM. b βUCS_FM_28 and c βCBR_FM for Al-Ghat soil with
fiber cast for COV of UCSmin � 20%, COV of CBRmin � 20%, and COV of Kmax � 20%,
respectively

ranges from 0 to 12 mm, COV of Kmax� 10%, COV of UCSmin� 10%, COV of
CBRmin � 10%, respectively. Similarly, the results presented in Fig. 17.9a–c show
the optimum values of length (LFC) and dosage (DFC) of FC reinforcement for COV
of Kmax� 20%, COV of UCSmin� 20%, and COV of CBRmin � 20%.

Figure 17.10a–c show the optimum values of length (LFM ) and dosage (DFM ) of
FMfor various target values of reliability indices,βK_FM ,βUCS_FM _28 andβCBR_FM for
UCSmin � 1103 kPa,CBRmin � 20%, dosage of FM reinforcement (DFM )� 0.2%,
0.4%, and 0.6%, length of FM reinforcement (LFC) ranges from 0 to 12 mm, COV
of Kmax� 10%, COV of UCSmin� 10%, COV of CBRmin � 10% respectively.

On a similar note, the results presented in Fig. 17.11a–c show the optimum length
(LFM ) and optimum dosage (DFM ) of FM reinforcement for COV of Kmax� 20%,
COV of UCSmin� 20%, and COV of CBRmin � 20%. An observation that may
be made from Figs. 17.8a and 17.9a that for constant values of the reliability index
(βK_FM ) and COV of Kmax � 10 and 20%, the length of the FC reinforcement (LFC)
should be decreased from 8 to 2 mm as the fiber dosage (DFC) increases from 0.1
to 0.6%. Similar observation can be made from Figs. 17.10a and 17.11a for fiber
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(a) (b)

(c)

Fig. 17.10 Effect of LFM with DFM on a βK_FM. b βUCS_FM_28 and c βCBR_FM for Al-Ghat soil
with fiber mesh for COV of UCSmin � 10%, COV of CBRmin � 10%, and COV of Kmax � 10%,
respectively

mesh. Figures 17.10a and 17.11a show that for a constant value of COV of Kmax,
reliability indices, βK_FC and βK_FM show considerable decrease with increase in
values of LFC , LFM , DFC and DFM .

The results presented in Figs. 17.8b and 17.9b show the effect of adding the
length and dosage of FC reinforcement on the reliability index against UCS failure
(βUCS_FC_28). An important observation that can be made from Figs. 17.8b and 17.9b
that the reliability index, βUCS_FC_28 decreases with increase in magnitudes of LFC
from 0 to 12 mm and DFC from 0.2 to 0.6%. The more dosage of FC reinforcement
reduces the UCS value because of smooth fibers do not allow the soil to compact
when reinforced the lime blended expansive soil. Furthermore, the cohesion of the
soil is reduced by the fibers due to increase in the distance between particles.

On contrary, it can be noted from Figs. 17.10b and 17.11b that the reliability
index (βUCS_FM _28) reduces with the increase in FM content up to 0.3%. Whereas,
the reliability index, βUCS_FM _28 increases when the FM content increases beyond
0.3% because of the rough fibers decrease the cohesion of soil by increasing the
distance between particles, but the increase in friction induced by the rough fibers
does compensate the loss in cohesion.
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(a) (b)

(c)

Fig. 17.11 Effect of LFM with DFM on a βK_FM. b βUCS_FM_28 and c βCBR_FM for Al-Ghat soil
with fiber mesh for COV of UCSmin � 20%, COV of CBRmin � 20%, and COV of Kmax � 20%,
respectively

Figures 17.8c, 17.9c, 17.10c, and 17.11c show that the reliability indices, βCBR_FC

andβCBR_FM increasewith increase in amounts of LFC from 0 to 12mmandDFC from
0.2 to 0.6%. The higher FC and FM content enhances the CBR strength further due
to the more mobilized frictional resistance around the fibers, and therefore, higher
tensile stresses are developed in the FC and FM reinforcements.

17.6 Conclusions

1. Hydraulic conductivity of the soil increases with increase in fiber content and
longer fibers gave higher increase in CBR value.

2. Fiber mesh type fibers with extended protrusions have distinct surface morpho-
logical advantage over fiber cast type fibers enabling them in mobilizing higher
friction levels and also in increasing hydraulic conductivity. FM fibers outper-
formed the FC fibers with about 20% higher CBR increment.
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3. Higher concentration of fibers resulted in higher increase in CBR values and, the
CBR value increased with increasing fiber amount, irrespective of the type of the
fibers.

4. The combined addition of lime and fiber has a significant effect on the rate of
gain of UCS. UCS behavior is directly dependent on the nature and type of fiber.
For FC fibers, with increase in fiber dosage from 0.2% to 0.6%, the UCS values
reduced by 32% and 39% for 6 mm and 12 mm lengths, respectively. On the
contrary, for FM fibers, for a similar change in fiber amount, the UCS values for
samples mixed with 6 mm fiber length reduced by 30% while those of 12 mm
fiber lengths showed an increase of 12.

5. The curing has considerable effect on the UCS, Hydraulic conductivity and CBR
data. For a Curing period up to 60 days, Hydraulic conductivity kept decreasing
and UCS showed an increasing trend.

6. The increase in CBR value, when compared to untreated expansive soils, stayed
constant with increasing fiber content for FM fibers while the same for FC fibers
increased with fiber content.

7. The variability associated with the maximum value of hydraulic conductivity,
and minimum values of UCS and CBR have significant influence on the reliabil-
ity index against hydraulic conductivity failure, UCS and CBR strength failure
modes.

8. The more dosage of FC reinforcement reduces the reliability index (βUCS_FC_28)
value as smooth fibers do not allow the soil to compact. The reliability index
(βUCS_FM _28) reduces with the increase in FM content up to 0.3%. However, the
increase in fiber mesh beyond 0.3% increases the reliability index, βUCS_FM _28

due to the rough fibers decrease the cohesion of soil by increasing the distance
between particles. Moreover, the increase in friction induced by the rough fibers
does compensate the loss in cohesion.

9. The adequate lengths and dosage of fiber cast and fiber mesh reinforcements are
needed for a target reliability index based on the hydraulic conductivity, UCS,
and CBR performance of natural and lime stabilized soils as pavement subgrade.
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8. Şenol, A.: Effect of fly ash and polypropylene fibers content on the soft soils. Bull. Eng. Geol.
Env. 71(2), 379–387 (2012)

9. Consoli, N.C., Zortéa, F., De Souza,M., Festugato, L.: Studies on the dosage of fiber-reinforced
cemented soils. J. Mater. Civ. Eng. 23(12), 1624–1632 (2011)

10. Correia, A.A.S., Oliveira, P.J.V., Custódio, D.G.: Effect of polypropylene fibers on the com-
pressive and tensile strength of a soft soil, artificially stabilised with binders. Geotex. Geomem.
43(2), 97–106 (2015)

11. Ahmad, F., Bateni, F., Azmi, M.: Performance evaluation of silty sand reinforced with fibers.
Geotext. Geomembr. 28(1), 93–99 (2010)

12. Consoli, N.C., Bassani, M.A.A., Festugato, L.: Effect of fiber-reinforcement on the strength of
cemented soils. Geotex. Geomem. 28, 344–351 (2010)

13. Dafalla, M.A., Moghal, A.A.B.: Effect of fibercast and fibermesh inclusion on the direct shear
and linear shrinkage response of clay. Arab. J. Geosci. 9, 555 (2016)

14. Gray, D.H.: Role of woody vegetation in reinforcing soils and stabilizing slopes. In: Pro-
ceedings, Symposium on Soil Reinforcement and Stabilizing Techniques. Sydney, Australia,
pp. 253–306 (1970)

15. Gray, D.H., Maher, M.H.: Admixture stabilization of sand with discrete randomly distributed
fibers. In: Proceedings XII International Conference on Soil Mechanics and Foundation Engi-
neering, vol. 2. Rio de Janeiro, Brazil, pp. 1363–1366 (1989)

16. Maher, M.H., Ho, Y.C.: Mechanical-properties of kaolinite fiber soil composite. J. Geotech.
Eng. 120(8), 1381–1393 (1994)

17. Moghal, A.A.B, Chittoori, B., Basha, B.M., Al-Shamrani, M.A.: Target reliability approach to
study the effect of fiber reinforcement on UCS behavior of lime treated semi-arid soil. J. Mater.
Civil Eng. 29(6), 04017014. https://doi.org/10.1061/(asce)mt.1943-5533.0001835 (2017)

18. Petry, T., Little, D.: Reviewof stabilization of clays and expansive soils in pavements and lightly
loaded structures—history, practice, and future. J. Mater. Civ. Eng. 14(6), 447–460 (2002)

19. Zhu, H.H., Zhang, C.C., Tang, C.S., Shi, B., Wang, B.J.: Modeling the pullout behavior of
short fiber in reinforced soil. Geotext. Geomembr. 42(4), 329–338 (2014)

20. Consoli, N.C., Lopes, L.S. Jr., Foppa, D., Heineck, K.S.: Key parameters dictating strength of
lime/cement-treated soil. Proc. Inst. Civ. Eng. – Geotech. Eng. 162(2), 111–118 (2009)

21. Basha, B.M., Babu, G.L.S.: Target reliability based design optimization of anchored cantilever
sheet pile walls. Can. Geotech. J. 45(3), 535–548 (2008)

22. Mirzaii, A., Negahban, M.: California bearing ratio of an unsaturated deformable pavement
material along drying and wetting paths. Road Mater. Pav. Des. 17(1), 261–269 (2016)

23. Yideti, T.F., Birgisson, B., Jelagin, D.: Influence of aggregate packing structure on California
bearing ratio values of unbound granular materials. Road Mater. Pav. Des. 15(1), 102–113
(2014)

24. Moghal,A.A.B,Chittoori, B., andBasha,B.M.: Effect of fiber reinforcement onCBRbehaviour
of lime-blended expansive soils: reliability approach. Road Mater. Pav. Des. 19(3), 690–709
(2018)

25. Alawi,M.H., Rajab,M.I.: Prediction of California bearing ratio of subbase layer usingmultiple
linear regression models. Road Mater. Pav. Des. 14(1), 211–219 (2013)

26. Timm, D.H., Newcomb, D.E., Birgisson, B., Galambos, T.V.: Incorporation of reliability into
the Minnesota mechanistic-empirical pavement design method. In: Final Report Prepared to
Minnesota Department of Transportation, Minnesota Univ., Department of Civil Engineering,
Minneapolis (1999)

27. Sivapullaiah, P.V.,Moghal, A.A.B.: CBR and strength behavior of stabilised low lime fly ashes.
Int. J. Geotech. Eng. 5, 121–130 (2011)

28. Benson, C.H., Trast, J.M.: Hydraulic conductivity of thirteen compacted clays. Clays Clay
Miner. 43(6), 669–681 (1995)

https://doi.org/10.1061/(asce)mt.1943-5533.0001835


366 A. A. B. Moghal et al.

29. Daniel, D.: EarthenLiners forwaste disposal facilities. ASCEGeotechnical Special Publication
No. 13, pp. 21–39 (1987)

30. Moghal, A.A.B, Chittoori, B., Basha, B.M., Al-Mahbashi A.M.: Effect of polypropylene fibre
reinforcement on the consolidation, swell and shrinkage behaviour of lime-blended expansive
soil. Int. J. Geotech. Eng. 12(5), 462–471 (2018)

31. Abu-Sharkh, B.F., Hamid, H.: Degradation study of date palm fiber/polypropylene composites
in natural and artificial weathering: mechanical and thermal analysis. Polym. Degrad. Stab.
85(3), 967–973 (2004)

32. Eades, J.L., Grim, R.E.: Reaction of hydrated lime with pure clay minerals in soil stabilization,
vol. 262. Highway Research Board, Washington DC, Bulletin, pp. 51–63 (1960)

33. Moghal, A.A.B., Al-Obaid, A.K., Al-Refeai, T.O., Al-Shamrani, M.A.: Compressibility and
durability characteristics of lime treated expansive semiarid soils. ASTM J. Test. Eval. 43(2),
254–263 (2015)

34. Malekzadeh, M., Bilsel, H.: Swell and compressibility of fiber reinforced expansive soils. Int.
J. Adv. Technol. Civil Eng. 1(2), 42–45 (2012)

35. Puppala, A.J., Wattanasanticharoen, E., Porbaha, A.: Combined lime and polypropylene fiber
stabilization for modification of expansive soils. In: Ali Al-Rawas, A., Zeynal, F.A. (eds.)
Goosen Book Chapter: Expansive Soils Recent Advances in Characterization and Treatment.
Taylor & Francis, https://doi.org/10.1201/9780203968079.ch24 (2006)

36. ASTMD698–07e1: Standard Test Methods for Laboratory Compaction Characteristics of Soil
Using Standard Effort. West Conshohocken, PA (2007)

37. ASTM. D5856-07: Standard test method for measurement of hydraulic conductivity of porous
material using a rigid-wall, compaction-mold permeameter. West Conshohocken, PA (2007)

38. Tang, C., Wang, D., Cui, Y., Shi, B., Li, J.: Tensile strength of fiber-reinforced Soil. J. Mater.
Civ. Eng. https://doi.org/10.1061/(asce)mt.1943-5533.0001546 (2016)

39. ASTM D1883—14: Standard test method for California bearing ratio (CBR) of laboratory-
compacted soils. ASTM International, West Conshohocken, PA (2014)

40. Moghal, A.A.B., Al-Obaid, A.K., Al-Refeai, T.O.: Effect of accelerated loading on the com-
pressibility characteristics of lime treated semi arid soils. J. Mater. Civ. Eng. 26(5), 1009–1016
(2014)

41. Dash, S., Hussain, M.: Lime stabilization of soils: Reappraisal. J. Mater. Civil Eng. 707–714.
https://doi.org/10.1061/(asce)mt.1943-5533.0000431 (2012)

42. Qu, J., Zhao, D.: Stabilising the cohesive soil with palm fiber sheath strip. Road Mater. Pav.
Des. 17(1), 87–103 (2016)

43. Ozkul, Z.H., Baykal, G.: Shear strength of clay with rubber fiber inclusions. Geosyn. Int. 13(5),
173–180 (2006)

44. Cai, Y., Shi, B., Ng, C.W.W., Tang, C.: Effect of polypropylene fiber and lime admixture on
engineering properties of clayey soil. Eng. Geol. 87(3–4), 230–240 (2006)

45. Chou, Y.T.: Reliability design procedures for flexible pavements. J. Transp. Eng. 116(5),
602–614 (1990)

46. Divinsky, M., Ishai, I., Livneh, M.: Simplified generalized California bearing ratio pave-
ment design equation. Transportation Research Record 1539, Transportation Research Board,
National Research Council, Washington DC, pp. 44–50 (1996)

47. Chua, K.H., Kiuredhian, A.D., Monismith, C.L.: Stochastic model for pavement design. J.
Transp. Eng. 118(6), 769–785 (1992)

48. Kenis, W., Wang, W.: Pavement variability and reliability. In: International Symposium
on Heavy Vehicle Weights and Dimensions, Maroochydore, Queensland, Australia, Part 3,
pp. 213–231 (1998)

49. AASHTO: Guide for Design of Pavement Structures. American Association of State Highway
and Transportation Officials, Washington DC (1993)

50. Kim, H.B., Harichandran, R.S., Buch, N.: Development of load and resistance factor design
format for flexible pavements. Can. J. Civ. Eng. 25, 880–885 (1998)

51. Kim, H.B., Buch, N.: Reliability-based pavement design model accounting for inherent vari-
ability of design parameters. In: Transportation Research Board, 82nd Annual Meeting, and
Washington DC (2003)

https://doi.org/10.1201/9780203968079.ch24
https://doi.org/10.1061/(asce)mt.1943-5533.0001546
https://doi.org/10.1061/(asce)mt.1943-5533.0000431


17 Probabilistic Study of Fiber Reinforced Soil 367

52. Retherford, J.Q.,McDonald,M.:Reliabilitymethods applicable tomechanistic-empirical pave-
ment designmethod.TransportationResearchRecordNo. 2154. J. Transp.Res.Board, 130–137
(2010)

53. Sani, J.E., Bello, A.O., Nwadiogbu, C.P.: Reliability estimate of strength characteristics of
black cotton soil pavement sub-base stabilized with bagasse ash and cement kiln dust. Civil
Env. Res. 6(11), 115–135 (2014)

54. Moghal, A.A.B., Basha, B.M., Chittoori, B., Al-Shamrani, M.A.: Effect of fiber reinforce-
ment on the hydraulic conductivity behavior of lime-treated expansive soil—reliability-
based optimization perspective. Geo-China 2016, 25–34 (2016). https://doi.org/10.1061/
9780784480069.004

55. Basha, B.M., Babu, G.L.S.: Seismic reliability assessment of external stability of reinforced
soil walls using pseudo-dynamic method. Geosynth. Int. 16(3), 197–215 (2009)

https://doi.org/10.1061/9780784480069.004


Chapter 18
Foundations for Tall Buildings
on Alluvial Deposits—Geotechnical
Aspects

Ravi Sundaram, Sanjay Gupta and Sorabh Gupa

18.1 Introduction

With rapid economic development, the urban land cost is skyrocketing.Consequently,
construction of tall multi-storeyed buildings has become common in metropolitan
cities of India.

As of today, the structural engineer is the primary decision maker in the design
process of such buildings in India. Typically, the geotechnical design is done by the
structural engineer and there is no involvement of the geotechnical engineer beyond
the site investigation stage. Therefore, the approach on geotechnical aspects still
remains conventional whereas structural design has seen several innovations.

Geotechnical engineers need to rise to the challenge and come out with innovative
solutions that not only ensure safety of the building but also places emphasis on
reliability and economy.

The paper discusses the importance of conducting a thorough geotechnical inves-
tigation and use of advanced in situ tests to assess geotechnical parameters, particu-
larly for the design of foundations for tall buildings in the Indo-Gangetic Alluvium.
Load testing and quality assurance tests shall enhance the reliability of the predic-
tions. Using the soil parameters and pile-load-settlement behavior as inputs into a
soil–structure interaction analysis, the design may be optimized to minimize the
number of piles and account for contribution of the intervening soil between the
piles.
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18.2 Design Approach

18.2.1 Definition of Tall Building

IS: 16700-2017 [1] defines “tall building” as a building with height exceeding 50 m.
The code is applicable for building height not exceeding 250 m.

The Council of Tall Buildings and Urban Habitat [2] definitions are as follows:

• Building height > 100 m: Skyscraper
• Building Height > 300 m: Super tall
• Building Height > 600 m: Mega tall.

18.2.2 Factors Influencing Foundation Behavior

Foundation behavior is governed by the following aspects:

• strata characteristics,
• foundation type,
• magnitude of the load, and
• distribution of loads.

To limit the extent of geotechnical uncertainty in the foundation design and con-
struction, a realistic and reliable geotechnical model of the stratigraphy, soil strength,
and stiffness characteristics should be established.

18.2.3 Design Criteria

The design of the foundations should satisfy the following criteria (Quick et al. [3]):
Ultimate Limit State (ULS): The factor of safety against failure of foundation and

the supporting soils should be adequate.
Serviceability Limit State (SLS): Total and differential settlement of the foundation

under the working loads should not affect the serviceability of the building.
In addition, safety and stability of nearby buildings and services should not be put

at risk during the construction stage or in the long-term (post-construction)—ultimate
limit state and serviceability limit state.

The foundation design of high-rise buildings should be done considering
performance-based soil–structure interaction (SSI). It should not limited to tradi-
tional empirically based design methods such as a bearing capacity approach with
an applied factor of safety (Poulos and Badelow [4]).
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18.2.4 From Concept to Construction

The various steps that govern the design and construction of tall buildings include
the following:

• Preliminary studies, planning, and data collection.
• Conceptual design.
• Geological and geological investigation—may be in two stages, preliminary and
detailed.

• Preliminary foundation analysis based on the geotechnical investigation and selec-
tion of suitable foundation type.

• Detailed foundation design.
• Foundation construction

– In situ testing and
– pile-load tests and pile integrity tests (if piles are planned) and/or footing load
tests.

• Review of design based on the test results and assessment of foundation perfor-
mance.

The flowchart in Fig. 18.1 describes the steps involved in initial and detailed stages
of the design. The geotechnical engineer should be a part of the design team during
each of these stages. Presently, for the detailed design, the role of the geotechnical
engineer is usually performed by the structural engineer.
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Fig. 18.1 Flowchart explaining the role of structural engineer and geotechnical engineer
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18.3 Geotechnical Data

18.3.1 Initial Studies

The geological features at the site that may influence the design and performance
of the foundations should be assessed so as to identify any specific measures to be
taken. A desk study of the published literature and Internet search is the first step.
This should be followed up with site visits to observe the following:

• topography,
• soil type, any rock exposures, and geological mapping (if required),
• groundwater level in wells in the locality, presence of nearby water bodies,
• performance of foundation of nearby buildings, details of any building failures in
the vicinity, and

• local experience, etc.

These and anyother information that can be obtained can provide valuable pointers
that could guide the process of characterizing the ground conditions and quantifying
the relevant geotechnical parameters required for foundation design.

18.3.2 Levels of Geotechnical Input

The geotechnical input that the owner/designer gets may be categorized into four
levels (Sundaram [5]) as explained in Fig. 18.2.

As one moves up along the pyramid from bronze toward platinum, the factor of
ignorance reduces and the reliability of design is enhanced. It also results in the
reduction in foundation cost and construction time.

Fig. 18.2 Geotechnical
input pyramid
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For the design of tall buildings, particularly in thick alluvial deposits that are
not underlain by rock within depth range of 50–100 m, it is vital to move toward
Gold/Platinum level of investigations,while avoiding bronze level investigations. The
soils at shallow depth of recent origin may be loose or prone to liquefaction during
earthquakes. The properties of the deeper soils are vital for a good assessment of
foundation settlement.

This requires detailed geotechnical and geophysical investigation and in situ test-
ing, developing site-specific design parameters, using advanced designmethods, load
tests as well as construction monitoring.

18.3.3 Site Investigation

The site investigation should include a comprehensive borehole drilling and in situ
testing program. For tall buildings in thick alluvial deposits, the investigation should
extend to significant depths, to at least 50–100 m depth. The geotechnical data
obtained should be reviewed carefully to select realistic design parameters.

In alluvial deposits, liquefaction analysis is important. It is usually done using
SPT data, cone tip resistance and shear wave velocities (IS: 1893-2016[6], Youd and
Idriss [7] NCEER Report). The highest level of groundwater should be carefully
assessed so as to perform the liquefaction analysis for the worst condition.

SPT and SCPT. Two in situ tests are commonly used in geotechnical investiga-
tions are the Standard Penetration Tests (SPT) and the Static Cone Penetration Tests
(SCPT). SPT conducted using an automatic trip hammer can give useful results in
alluvial soils. SCPT gives a continuous profile of soil resistance with depth and may
be used for bearing capacity and settlement analysis.

In the Indo-Gangetic alluvium, refusal (SPT N-value > 100) is usually met below
30–40 m depth. These high SPT values in the refusal stratum do not yield a fair
assessment of the soil stiffness. Therefore, the designer may have to conservatively
select modulus of elasticity (E-values) for settlement analysis.

SCPT conducted using a 20-tonne capacity penetrometer also encounters refusal,
usually around 20–30 m depth. The test cannot be used to assess E-values in the
refusal stratum.

Pressure meter Tests. Good quality pressure meter data in soils can provide very
useful resultswhich can effectively assess theE-values.The test provides deformation
properties at strain levels which are commensurate with those of the ground when
subjected to service loads from the building (Haberfield [8]).

However, in sands below water table that may collapse during drilling, the ground
may get disturbed and result in oversized diameter of the hole. This could result in
reporting lower values of deformation modulus.

Seismic Tests. Cross-hole or down-hole seismic test usually gives a good assess-
ment of shear wave velocities with depth. This may be supplemented with seismic
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refraction or SASW/MASW tests to assess the lateral variation of the ground char-
acteristics.

But E-value for small strain cannot be applied directly to foundation analysis since
ground strains under dead, live and wind/earthquake loads are significantly higher
than those experienced during seismic testing. The influence of the strain level should
be taken into account in the test interpretation. Haberfield [8] suggests dividing the
E-values from cross-hole seismic test by a factor of 5 to obtain the static E-value for
settlement analysis.

In Situ Permeability. In situ permeability tests may be required in areas of shallow
water table. Since tall buildings may usually have at least 2–3 basements, substantial
dewatering could be required in areas of shallow water table. In sands, dewatering
could be a challenge due to the high inflow.

Field permeability tests are usually done in boreholes by falling head method or
constant head method. Pump-out test can give a more realistic assessment of the
hydraulic parameters for the design of the dewatering system.

Experience has shown (Gupta and Sundaram [9]) that the coefficient of permeabil-
ity and transmissivity measured from pump-out tests in the Indo-Gangetic Alluvium
could be 1–2 orders of magnitude higher than that determined from a borehole in situ
permeability test.

Laboratory Tests. A suite of laboratory tests to assess the soil classification and
index properties is essential to develop a representative soil profile. This should
be supported by tests to characterize strength and stiffness properties as well as
consolidation properties. Conventional unconsolidated undrained triaxial tests and
consolidated undrained triaxial tests (with pore pressure measurement) are usually
performed in cohesive soils whereas in granular soils, consolidated drained triaxial
or direct shear tests are conducted. Sufficient tests should be done so as to develop a
design profile for foundation analysis.

Laboratory tests should also be done to assess the concentration of harmful salts
like sulfates and chlorides in soil and groundwater.

18.4 Geotechnical Interpretative Studies

18.4.1 Selection of Foundation Type

The interpretative aspect of the geotechnical data generated is an important overlap
zone between the structural engineer and the geotechnical engineer. Selection of
appropriate foundation type and depth based on the loading conditions and soil
characteristics sets the tone for the foundation design and construction.

The commonly used foundation systems in alluvial deposits in the Indian scenario
are:
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Fig. 18.3 Load transfer mechanism in piled raft

• Raft foundations: Loads are transferred to the ground through a raft slab covering
the whole footprint of the building.

• Pile foundations: Piles below the columns can transfer the loads to the deepermore
competent stratum. The pile caps cast over each pile group are usually connected
through a beam to give rigidity to the structure.

• Hybrid piled-raft system: This is an economical solution for tall buildings with
high foundation loads.

The hybrid piled raft is increasingly being advocated and adopted in the design
of tall buildings all over the world (Kachzenbach et al. [10], Poulos [11], de Sanctis
and Mandolini [12]).

It may be used to transfer the loads to the piles with the intervening soils below the
raft also contributing to the load transfer (see Fig. 18.3). As a result, it has potential
cost-saving and better control of differential settlement (Amornfa et al. [13]).

The contribution of the intervening soils could be substantial in stiff to hard clays
and medium dense to dense sands. However, it may not be significant where the soils
immediately below the raft are loose sands prone to liquefaction during earthquakes
and soft to firm clays with undrained shear strength less than 50–60 kPa that may
undergo consolidation/long-term settlement.

18.4.2 Piled-Raft Foundation

The piled-raft soil–structure interaction study should be done using actual column
locations and loads. The single pile capacity and load-settlement behavior should be
assessed from initial load tests on test piles. Zoned spring constants should be used



376 R. Sundaram et al.

and the settlement analysis of the piled raft should be done using PLAXIS 3D or
other appropriate software to assess the load share between the piles and raft. This
can be effectively used to optimize the number of piles.

In alluvial deposits, total and differential settlement and horizontal displacement,
as well as stiffness of soil and pile (serviceability limit state), are the issues of primary
concern that govern the design.

Shear strength and bearing capacity (ultimate limit state) should be checked
although it may not govern the design.

The advantages of the piled-raft system are:

• The piles act as settlement reducers and limit the total and differential settlement.
• The piles may be loaded beyond the computed safe pile capacity (up to 70–80%
of the ultimate pile capacity) since it the behavior as a piled-raft governs.

• The tilt due to eccentric loading and inhomogeneous soil conditions reduces.
• The number of piles required reduces in comparison with the pile system without
raft contribution.

Amornfa et al. [13] demonstrated that in Bangkok clays, that with increasing depth
of the raft, the load share of the piles reduces. For a three basement case with the
foundation at about 15 m depth, the load shared by the piles reduces down to 72% of
the total building loads. For rafts at shallow depth however, the contribution of the
soils immediately below the raft may be less with the piles transferring substantial
part of the load.

18.4.3 Foundation Design Considerations

Based on a detailed geotechnical investigation, a geotechnical model should be pre-
pared. A proper understanding of the constitutive behavior of the soil is required to
select a design profile for foundation analysis. The design considerations (Haberfield
[8]) in a layered alluvial deposit are illustrated in Fig. 18.4.

Design considerations and parameters of interest in the design of piled raft are
summarized in Table 18.1.

The piles are usually used up to 70–80% of the ultimate bearing capacity which is
higher than the permissible safe design value for a comparable single pile. Therefore,
a thorough understanding of soil–structure interaction is necessary.

18.4.4 Load Tests and Integrity Tests

To validate the design, load tests are important. Initial load tests should be performed
on sufficient piles tomodel the pile behavior and to determine its stiffness. Static load
tests traditionally performed by the maintained load method (step loading or cyclic)
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Immediately beneath footing / raftAlong Pile Shaft

At Pile Toe

Below Pile Toe – 
to 2 x Raft Width

Fig. 18.4 Design considerations for raft and piled raft

Table 18.1 Geotechnical design considerations for piled raft

Zone Parameters of interest

Immediately below raft • Strength: bearing capacity
• Settlement

Along the pile shaft • Soil characteristics, c-φ values
• Piles shaft resistance
• Possibility of negative skin friction
• Stiffness/modulus of subgrade reaction
• Pile installation/drivability issues

At the pile tip • Presence of hard strata for good end bearing
• Soil characteristics, c-φ values
• Stiffness/modulus of subgrade reaction
• Pile installation/drivability issues

Below pile tip to 2 times raft width • Soil characteristics, c-φ values
• Stiffness/modulus of subgrade reaction

are a preferred method. But for piles very high ultimate capacity, often exceeding
1000 tonnes, it could be very cumbersome, expensive and time consuming.

High-strain dynamic load test has gained popularity in India as a cost-effective
option and is now an acceptable test method in the construction industry. The test can
assess the structural integrity as well as load-settlement behavior using CAPWAP
analysis (Vaidya and Likins [14]).

Bi-directional static load tests usingOsterberg cell has been used on some projects
in India and its application is rising. It involves casting a sacrificial jack near the pile
tip and can be used to test piles to high loads (Osterberg [15], George et al. [16]).

Footing load tests on 1.5–2 m wide footings can be used to realistically assess
the modulus of subgrade reaction of the soil immediately below the raft and also to
validate the theoretical settlement estimates (Gupta et al. [17]).
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18.5 Provisions of IS: 16700-2017

The Bureau of Indian Standards has recently brought out a new code of practice, IS:
16700-2017 [1] outlining the criteria for structural safety of tall concrete buildings.
Section 9.0 of this code covers foundations and has several requirements regarding
geotechnical aspects.

18.5.1 Geotechnical Investigation

As per Clause 9.3.1 of IS: 16070-2017 [1], geotechnical investigation for tall build-
ings should comply with the following requirements:

• Geotechnical investigation should establish the safety of the building and should
include liquefaction analysis and estimation of spring constants/modulus of sub-
grade reaction.

• Boreholes for tall buildings should be spaced about 30 m apart. Minimum of three
boreholes should be drilled per tower.

• The depth of the investigation should be at least 1.5 times the raft width in soil
and 30 min rock.

The authors advocate the use of static cone penetration tests and pressure meter
tests for better assessment of E-values and modulus of subgrade reaction. Cross-hole
seismic tests can also give a valuable input for static analysis as well as to assess
liquefaction potential.

18.5.2 Foundation Depth

The embedded depth of the building shall be at least 1/15 of the height of the building
for raft foundations and 1/20 of the height in case of piled raft excluding pile length
(Clause 9.4 of IS: 16700 [1]). Some relaxations are available for foundations on rock
and for the case of no uplift loads.

18.5.3 Soil Modeling

While modeling raft foundation through modulus of subgrade reaction, the code
recommends that zoned spring constants should be used. For buildings taller than
150 m, soil–structure interaction study should be done to obtain the zoned spring
constants (Clause 9.7 of IS: 16700 [1]).
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Haberfield [18] highlights the importance of selection of proper values of spring
constant which is a function not only of the soil but also the loading conditions and
geometry.

18.5.4 Settlement

Clause 9.8 of IS: 16700-2017 refers to IS: 1904-1986 RA 2006 [19] for permissible
settlement of foundations on soil and to IS: 12070-1987RA2010 [20] for foundations
on rock.

Table 18.1 of IS: 1904-1986 RA 2006 [19] specifies permissible total settlement
of 75 mm for raft foundations bearing on sands and hard clays. It also specifies a
permissible differential settlement of 0.0021L (L� center-to-center distance between
columns) and permissible angular distortion of 1/500 for concrete buildings.

The code permits relaxation of the permissible total settlement to 125mm for rafts
and piled rafts provided that angular distortion of the raft does not exceed 1/500.

The authors advise caution in implementing the relaxed settlement criterion and
suggest that it should be backed up by the following:

• Detailed and thorough geotechnical investigation is an essential prerequisite.
• It should be ensured that the foundation is safe in shear (bearing capacity).
• Soil–structure interaction using FEM software such as PLAXIS 3D to assess set-
tlement, differential settlement, stresses, etc. should be done.

• Monitoring settlement during the construction period will not only enhance the
reliability of prediction but also give advance warning that can help prevent poten-
tial failure before it occurs.

On the basis of the review of over 52 case studies, Zhang and Ng [21] suggest
limiting tolerable total settlement to 106 mm and angular distortion to 1/500.

18.6 Quality Assurance

The best of designs can fail if the requisite quality is not maintained during construc-
tion. Routine static load tests are usually done as per IS: 2011 (Part 4)-2013 [22] to
1.5 times the design safe load. Bi-directional static load test provides time saving
and economical option, particularly for high load-carrying-capacity piles.

The current industry practice in India on all major projects is to supplement this
with low-strain pile integrity tests (PIT) on 100% of the piles (Likins et al. [23]).
Cross-hole sonic logging (CSL) is also being used to locate construction defects in
piles.

The results of PIT and CSL should be used to select appropriate piles for static
load test and/or high-strain dynamic load tests (HSDLT). This will form the basis of
acceptance of the piles and ensure quality assurance.
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If any piles fail during load test or HSDLT, coring through the pile is a good option
(Gupta et al. [24]) to reconfirm the pile quality. In such case, redesign of the piling
system shall be required based on the actual pile stiffness and lower capacities.

18.7 Case Study

18.7.1 Project Details

This case study gives details of foundation design for a 38-storeyed building with
two basements under construction in Noida (UP) located east of Delhi, not very far
from the River Yamuna. The project, described as mixed land use, offers high-end
commercial, retail and residential units.

18.7.2 Regional Geology

The deposits in the area belong to the Indo-Gangetic Alluvium and are river deposits
of the River Yamuna and its tributaries. The Pleistocene and Recent deposits in the
project area are composed primarily of sands and silts.

The Indo-Gangetic alluvial tract in the nature of a synclinal basin formed con-
comitantly with the elevation of the Himalayas to its north (Krishnan [25]). It was
formed during the later stages of the Himalayan Orogeny by the buckling down of
the northern border of the peninsular shield beneath the sediments thrust over it from
the north.

The newer Alluvium, locally called Khadar, consists primarily of fine sand that
is often loose in condition at shallow depths. The older alluvium, locally called
Bhanger, consists of compact sands and silts and is generally, rich in concretions or
nodules of impure calcium carbonate (kankars).

18.7.3 Initial Investigation

The builder got an investigation done consisting of seven boreholes to 30 m depth
and three boreholes to 40 m depth. These boreholes were drilled after excavating to
6 m depth.

The boreholes revealed the presence of alluvial sands to 40 m depth with occa-
sional sandy silt zones in some boreholes. Groundwater was met about 1.5 m depth
below the excavated level. Typical borehole profiles are presented in Fig. 18.5.

Based on the borehole data, the soil investigation agency had recommended safe
axial compressive capacities of 300 and 350 tonnes, respectively, for 30 and 35 m
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Fig. 18.5 Typical profiles of boreholes drilled for initial investigation

long 1000 mm diameter RCC bored piles. The corresponding values given for a
1200 mm diameter pile were 420 and 480 tonnes, respectively. These values are
typical of the capacities used on most other sites in the surrounding areas within a
4–5 km radius of the project.

18.7.4 Initial Load Tests

Initial load tests were performed on 1000 and 1200 mm diameter piles of lengths
30–35 m. A photograph of the load test in progress is presented in Fig. 18.6. Test
results are summarized in Table 18.2.

As illustrated in Fig. 18.7, the pile-load test results are fairly inconsistent/scattered
with no clear trend.Many piles (especially TP-1, 2, and 3 of 1200mm diameter piles;
and TP-1 of 1000 mm diameter) significantly underperformed, indicating possible
structural defects in the pile and/or poor bottom cleaning.

On the contrary, some of the piles (such as TP-2, 3, and 4 of 1000 mm diameter)
performed rather well. The safe pile capacities substantially exceeded the computed
theoretical capacities.
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Fig. 18.6 Pile load test in
progress

Table 18.2 Results of static load tests on initial piles

Pile no. Pile dia (mm) Pile length
(m)

Interpreted safe
capacity (MT)1

Type of slurry used

TP-1 1200 40.0 317† Bentonite

TP-2 35.0 280† Bentonite

TP-3 34.0 613 Composite*

TP-4 34.0 1000 Composite*

TP-1A 1000 35.0 353 Polymer

TP-2A 30.0 686 Polymer

TP-3A 30.0‡ 860 Polymer

TP-4A 30.0‡ >890 Polymer

‡Gravel pad provided at pile tip
†Possible construction defects resulted in lower capacity
*Polymud + Alfabond (a thickening agent) and bentonite
1Safe pile capacity interpreted in accordance with IS: 2911 (Part 4)-2013 [22]

18.7.5 Detailed Geotechnical Investigation

Having gained confidence that well-constructed piles shall be able to carry loads sub-
stantially higher than that computed based on the initial geotechnical investigation,
it was decided to perform an additional geotechnical investigation which included
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 (a) 1000 mm diameter pile (b) 1200 mm diameter pile

Fig. 18.7 Results of pile load tests

Fig. 18.8 Boreholes and pressure meter tests in progress

three boreholes to 60 m depth, pressure meter tests in two boreholes and a cross-hole
seismic test (Fig. 18.8).

Figure 18.9 presents typical borehole data.
Figure 18.10 presents typical pressure meter test data showing the profile of limit

pressure and deformation modulus with depth.
Primary and shear wave velocities and dynamic shear modulus and dynamic

Young’s modulus from cross-hole seismic test are presented in Fig. 18.11.
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Fig. 18.9 Data from deep boreholes drilled for piled-raft analysis

18.7.6 Design Profile

Reviewing the soil characteristics, SPT values, pressure meter modulus, laboratory
tests, etc., soil parameters selected for analysis of statically loaded foundations are
presented in Table 18.3.

The design groundwater level was considered at the existing ground level for the
worst condition. Poisson’s ratio, μ, for the soil was taken as 0.33.

18.7.7 Computed Pile Capacities

Pile capacities under compression loading has been computed based on the c-φ values
as per IS: 2911 (Part 1 Section 2) 2010 [26]. Pile capacities were also computed
using the pressure meter design rules (Clarke [27]). Analysis was done for 1000 and
1200 mm diameter bored piles with cutoff level at 8.0 m depth below average ground
level. The computed pile capacities are presented in Table 18.4.

The above values include a factor of safety of 2.5 in accordance with IS: 2911
(Part 1 Section 2) 2010 [26].
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Fig. 18.10 Pressure meter modulus and limit pressure versus depth—typical results from one
borehole

18.7.8 Piled Raft

Piled-raft foundation was used to optimize and economize the design. The analysis
was done considering 1000 mm diameter pile of length 35 m installed below cutoff
level of 8 m. The raft thickness was taken as 3.5 m in consultation with the structural
engineer.

Piles were introduced at strategic locations based on the column loads. The pile
locations were finalized after several hit and trials to achieve maximum economy
ensuring that the load on any individual pile does not exceed 900 tonnes (2/3 of the
ultimate pile compressive capacity of 1350 tonnes).

Figure 18.12 illustrates the pile layout finalized for the project.
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Fig. 18.11 Wave velocities and dynamic moduli from cross-hole seismic test

Table 18.3 Design profile

Depth (m) Soil
classification

γ

(kN/m3)
c
(kN/m2)

φ° E
(kN/m2)

EPMT
(kN/m2)

lm
(kN/m2)From To

0.0 2.0 Silty sand/fine
sand

18.0 0 30 3000 10,000 500

2.0 10.5 19.0 0 31 6200 70,000 2000

10.5 13.0 19.5 0 32 29,600 100,000 2500

13.0 23.0 20.0 0 33 43,700 160,000 3600

23.0 33.0 20.0 0 33 62,400 220,000 4000

33.0 36.0 Clayey silt 21.0 0 33 90,000

36.0 44.0 Silty sand 21.0 0 33 124,800

44.0 47.0 Clayey silt 21.0 90 6 124,800

47.0 53.0 Fine sand 21.0 0 34 124,800

53.0 60.0 Sandy silt 21.0 110 5 124,800

where
γ � Bulk density of soil
c � cohesion intercept
φ � angle of internal friction
E � Modulus of elasticity of soil
EPMT � Pressure meter (deformation) modulus
lm � Limit Pressure
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Table 18.4 Pile capacities under compression loading

Pile diameter
(mm)

Pile length below
COL

Safe compression pile capacity (kN)

c-φ values Pressure meter Selected design
value

1000 30 4640 4800 4700

32 4900 5100 5000

35 5290 5560 5400

40 5940 6310 6000

1200 30 6960 7390 7000

32 7340 7750 7500

35 7910 8540 8100

Fig. 18.12 Pile layout

18.7.9 PLAXIS Modeling

Initial analysis using the PLAXIS 3D software was done for raft without piles.
However, settlement of a raft foundation was found to be about 330 mm which is
higher than the permissible 75 mm total settlement specified in IS: 1904-1986 RA
2006 [19] for raft foundation. Differential settlements were also beyond permissible
limits and the angular distortion was about L/400.

Thus, the analysis confirmed that piles are required to be installed as settlement
reducers. Piles were therefore introduced in the finite element model below the raft
at strategic locations within the high settlement zones.

Pile-load tests conducted at the site were simulated in the FEM model for cali-
bration of the model, using soil profile and soil E-values given in Table 18.3. It was
observed that soil E-values had to be reduced by 40% based on single pile simulation,
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Table 18.5 Summary of
piled raft settlements and pile
loads

Load combination DL + LL

Pile diameter 1000 mm

Pile length 35 m

Maximum raft total settlement 74.3 mm

Maximum pile load 8900 KN

Maximum angular distortion L/1200

Fig. 18.13 Settlement contours

for the pile settlements obtained by the software to match the field pile settlements.
Loads distribution and settlements were assessed to optimize the foundation design.

18.7.10 Results of Analysis

Based on detailed analysis, the proposed building can be supported on a piled-raft
foundation as per the configuration in Fig. 18.12. Maximum settlements of the piled-
raft foundation and pile loads are summarized in Table 18.5.

The maximum total settlement is less than the permissible. Differential settle-
ment/angular distortion is also less than permissible value of L/500. Figure 18.13
presents the settlement contours. Figure 18.14 presents the pressure distribution at
the soil–raft interface.

The spring constants for soil and for piles, computed as the ratio of contact pres-
sure and settlement are presented in Figs. 18.15 and 18.16 which were used by the
structural engineer for the design of foundation.
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Fig. 18.14 Pressure contours at soil–raft interface

Fig. 18.15 Soil spring constant

18.7.11 Cost-Saving Realized

To illustrate the financial saving achieved by thorough geotechnical investigation and
soil–structure interaction analysis, the foundation costs is summarized in Table 18.6.

It may be seen that the cost of the detailed geotechnical investigation and the SSI
is significantly less than the savings in the foundation cost. While the number of piles
decreases, the reliability of the design increases substantially.

The authors of the opinion that further saving is possible if the following in situ
tests are performed prior to starting work on the routine piles:
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Fig. 18.16 Pile spring constant

Table 18.6 Cost-savings analysis

Design stage Load on
pile* (MT)

No. of piles Estimated
piling cost
(in million
rupees)

Savings† (in
million
rupees)

Consultancy
cost (in
million
rupees)

Based on
limited
geotechnical
investigation

300 550 440.0 | 0.5

Based on
detailed
geotechnical
investigation

536 500 400.0 | 40 | 2.0

Piled raft
(based on
assumed
spring
constant)

536 358 286.4 | 153.6 –

Piled raft
system—SSI
using
PLAXIS

900# 221 176.8 | 263.2 | 0.25

Direct
project cost
saving

| 263.2 | 2.75

*as per the design based on the safe pile capacity
#approximately 67% of ultimate load carrying capacity of pile
†Savings in cost of piling in comparison to that based on limited geotechnical investigation without
SSI
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• Footing load tests on 1.5–2 m size footing may be used to assess the E-values and
spring constant of soil effectively.

• Sufficient number of high-strain pile integrity tests and/or bi-directional static load
test on initial test piles used in conjunction with the static pile-load tests can give
a better assessment of load-settlement behavior of piles that can be input into the
PLAXIS model for the piled-raft analysis.

18.8 Concluding Remarks

In the Indo-Gangetic alluvium in northern India, sands and silts are encountered to
substantial depths. These soils are usually loose to medium dense at shallow depths
and very dense (SPT N > 100) below 30–40 m depth. Construction of tall buildings
in such soils needs a thorough geotechnical investigation. This should be followed
up by soil–structure interaction using PLAXIS or other software.

Piled-raft foundation is increasingly being used for the design of tall buildings.
It takes advantage of the load sharing of the intervening soils and thus can optimize
the foundation design.

With IS 16025-2017 permitting up to 125mm total settlement for raft foundations
and piled rafts, the following issues are critical:

• Detailed geotechnical investigation should be performed.
• Liquefaction potential assessment should be done for highest water table expected.
• Assessment of modulus of subgrade reaction is an important aspect.
• Differential settlement/tilt should be restricted to 1/500.

For piled rafts, the piles are usually loaded to 70–80%of the ultimate pile capacity.
Therefore, quality assurance of pile construction is essential to ensure that the piles
behave as designed. Conventional static load tests should be supplementedwith high-
strain dynamic pile-load tests and bi-directional static load test (O-cell) for a realistic
assessment of pile-load settlement behavior.

Quality assurance tests such as low-strain pile integrity tests and cross-hole sonic
logging should be an integral part of field testing of the piles. This will assist in
optimizing the design and ensuring that the piles are capable of supporting the applied
loads.

A case study of a 38-storeyed building in Noida presented in this paper demon-
strates the effectiveness of the design and the advantage achieved by conducting a
thorough geotechnical investigation and soil–structure interaction analysis. Savings
of nearly Rs. 260 million were realized on the piling costs in comparison to what the
owner would have spent based on a simplistic limited geotechnical investigation.
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Chapter 19
Sustainable Landslide Mitigation
Measures-Demonstration Through a Live
Case Study in Uttarakhand

Minimol Korulla, Rudra Budhbhatti, P. S. Meenu and Vikalp Kamal

19.1 Introduction

En route fromNandprayag toGovindghart, a landslide-prone zone, Birahiin Chamoli
District of Uttarakhand State on the riverbanks of Alaknanda andBirahi Ganga at NH
58, has been active since the Chamoli Earthquake (1999).Many landslides have since
then tormented the locals and created inconvenience for the travelers. Moreover, the
2013 cloudburst in Uttarakhand made it more susceptible.

This route has distinct importance because of a variety of destinations of pilgrim
and tourists interest like Badrinath, Hemkund Sahib, Valley of Flowers, and Auli.
Chamoli occupies the northeastern corner of the Garhwal tract and lies in the central
or mid-Himalayas in the very heart of the landslide and rockfall prone region.

Tomitigate this phenomenon,MoRTHalongwithPIUDehradundecided to under-
take measures for the rehabilitation and treatment of the landslide-prone area. The
unstable zone in this area stretches around 100m and the solutionwith brief details on
the project will be described here forth.Moreover, this paper discusses in detail about
the analysis and design method adopted for the mitigation measures for landslide,
rockfall and drainage improvement with appropriate and relevant codal referenc-
ing. Utmost preference was given for use of sustainable and environmental-friendly
solutions adopted for Birahi Landslide. Moreover, the necessity of post-construction
instrumentation and monitoring is briefly described.
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Fig. 19.1 Landslide zone at Birahi

19.1.1 Location and Geology

Birahi is a valley region situated 8 kms from Chamoli District of Uttarakhand State,
India at an altitude of 1200m above the sea level. The landslide prone region stretches
up to100 m and is most susceptible near a hairpin bend at location 30°24’35.18” N
79°23’22.33” as shown in Fig. 19.1 depicted.

Through the geological investigation, it was found that there are very high folds
and faults with fault zone passing toward NE of the landslide location. The exposed
rocks in the region are highly jointed,weathered and fractured quarzitic schist belong-
ing to Garhwal group. Surficial material of slope in between the roads consists of
soil and boulders and is prone to sliding. Birahi Fault is in the vicinity of the area; the
landslide zone is seismically disturbed. The geological cross section of the Birahi
region is depicted in Fig. 19.2.

19.2 Problem Description

The 100 m stretch of the Birahi region is highly susceptible to landslides due to
steeper slopes at both hill and valley side, with instability in the topsoil over the
rock. Moreover, the faults in the hill and presence of boulders make it vulnerable to
rockfall as shown in Fig. 19.3. Constant roadblocks due to the landslides and rockfall
have caused distress among the local and the tourists. In addition, there is no proper
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Fig. 19.2 Geological cross section at Chainage 443+403, Birahi

Fig. 19.3 Landslide at Birahi hairpin bend

drainage system to reduce the effect of surface runoff leading to increased pore water
pressure, which causes destabilization of slope which results in landslide. Moreover,
this region lies in the seismic zone V.
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19.2.1 Causative Forces

a. Anthropogenic Activities: Construction operations during the widening of road
are one of the major destabilizing forces in Birahi. Cutting of hillside vegetative
slope results in release of the in-situ stresses in the rock mass and disturbed the
equilibrium of the forces. This equilibrium forces remains untreated without any
proper support system which makes the hill slope vulnerable to slide.

b. Tectonic Settings: The region of Birahi falls under seismic V region and the
presence of fault lines have made the area more vulnerable to landslide.

c. Surface Erosion: Accumulation of colluviums on the valley side slope starts the
erosion when it encountered surface runoff water. This surface erosion disturbed
the stability of road.

19.3 Geotechncial and Topographical Investigation

Tomitigate the problemof landslide, a comprehensive geotechnical investigationwas
performed to properly understand the terrain and proceed with the most sustainable
and economic solution. Various boreholes at many desired locations were proposed
and investigations as per the relevant codes were carried out up to a depth ranging
from 20 m to 26 m, to obtain suitable geotechnical design data.

19.3.1 Rotary Drilling

Rotary drilling was performed using heavy-duty, hydraulic-feed, and skid-mounted
rotary drill rig. The drilling rig has a hydraulic feed and is driven by a bevel gear
system run by a 28 HP Perkins engine. The drill chuck has four jaws to accommodate
NW size drill rod. Four numbers of boreholes were performed (designated as BH-1
to BH-4). One of such drilling is depicted in Fig. 19.4.

Drilling and sampling of the rock were performed using an NX size double tube
core barrel. A diamond impregnated bit was used to drill through rock strata/refusal.
The strata observed at the site generally comprise of overburden of cobbles/boulders
underlain by Rock (Quartz Mica Schist). However, the exposed rock was also visible
at some locations. Sampling of rock core can be seen in Fig. 19.5.

19.3.2 Seismic Reflection Test

Seismic refraction test was conducted in order to characterize the subsurface geologic
conditions and geological structure.
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Fig. 19.4 Borehole 4 at Birahi Site

Fig. 19.5 Rock samples from Borehole 1
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A stress applied at the surface of an elastic medium creates conditions for asso-
ciated strains to propagate as elastic waves (P&S) in the subsurface material. The
waves travel as a pattern of particle deformation, with velocities that are dependent
upon the elastic properties and densities of media through which it travels. SRT tests
were performed at two locations and designated as 3A and 3B. The test uses the travel
time of first-arrival wave component only regardless of its travel path. The success
of the refraction test depends highly on the properties of layer interface. An interface
can only be found if the layer below is shown a significantly higher velocity. The
travel time curve was developed using WinSims-16 based on first-arrival picking
from the raw data. Velocity then computed using linear regression between selected
receiver and results are shown in Figs. 19.6 and 19.7.

19.3.3 Laboratory Tests

Laboratory tests were conducted on selected rock samples to determine their physical
and engineering properties. The testing procedures were in accordance with current
applicable IS specifications. The following tests were conducted on selected rock
samples recovered from the test locationswhich is tabulated in Table 19.1 and general
properties of the samples is tabulated in Table 19.2.

Fig. 19.6 Travel time Curve SRT-location-3A
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Fig. 19.7 Seismic profile for Birahi site location-3B

Table 19.1 Laboratory tests
on samples

Name of test Is code no

Porosity and void ration By calculations

Specific gravity IS: 2720 (PART 3)-1980

Moisture content, density and
water absorption

IS: 13030-1991

Unconfined compressive strength IS: 9143-1979, RA-2006

Point load strength index IS: 8764-1998, RA-2008

Table 19.2 General
properties of the sample from
investigation report

Index Range Unit

Bore hole depth 20–26 m

Unconfined compressive strength
of rock (IS: 9143-1979)

151.1–551.7 kg/cm2

Density of rock (IS: 13030-1991) 2.71–2.79 gm/cc

Moisture content (IS: 13030-1991) 0.11–0.64 %

Water absorption (IS: 13030-1991) 0.38–0.76 %

Void ratio 0.01–0.04

Porosity 0.01–0.04

Point index (IS: 8764-1998,
RA-2008)

12.5–32 kg/cm2

Unconfined compressive strength
(IS: 9143-1979, RA-2006)

151.1–551.7 kg/cm2
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19.4 Selecting Advanced Solution and Design of System

Following are the proposed rehabilitation and treatment measures adopted to counter
the destabilizing forces.

19.4.1 Proper Water Channelization/Drainage Solution

It was observed from the site that there are no proper channels to divert the surface
runoff to a nearby culvert. Hence, a proper drainage channel has been provided on
hill as well as on valley side including cascade, side drains, and culverts (already
existing). Water has been channelized from the hill slope and is safely discharged
into the culvert through cascade and roadside drain. After entering inside the culvert,
water is directed to the river through chute drain. Chute drain shall be extended until
the hard strata or rock is encountered on the valley side so that water shall be safely
discharged into the river. This proper drainage network will reduce the danger of
further accumulation of water in the in-situ soil. The details of the proposed drainage
network can be seen in Figs. 19.8 and 19.9.

HILL 
SIDE

VALLEY 

Toe Drain

Chute drain

Road side drain

Existing 
culvert

Reinforced Soil 
wall

Gabion wall

self-drilling anchors+
reinforced geosynthetic 
mat

Fig. 19.8 Proposed plan for drainage and protection work
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Fig. 19.9 Cross section of
hillside road protection
works

Top Anchor

Surface Anchors

Erosion Control Mats

Toe Wall

Insitu 
Strata 

19.4.1.1 Design for Drainage

To provide above drainage solution, rainfall intensity of 14.58 cm/h was consid-
ered for a 100-year period as per isopluvial maps of Uttarakhand. All the discharge
calculations were done using the empirical relations and parameters mentioned in
IRC: SP 42 (guidelines for road drainage) and highest discharge was calculated as
1.633 m3/s. Trapezoidal section of the drain was hence proposed to facilitate the
required self-cleansing velocity and allowable discharge from the section was duly
checked with the peak runoff generated using Manning’s Formula. Similarly, chute
drains were also designed to safely guide the discharge of water into the river.

19.4.2 Solution for Hillside Erosion Control and Rockfall
Mitigation

On the hillside, the slope was left untreated after the cutting during the construction
of road portion where the slide has occurred. It was stabilized by providing a secured
drapery comprising of erosion control geomats as facia system along with self-
drilling anchors of 25 mm diameter at 3 m spacing in longitudinal and transverse
direction. Geomat is a three-dimensional erosion control mat to take care of surficial
erosion by preventing splashing effect of rainfall on exposed soil surface. Also, it
helps to provide strength to the base of stem or root of the grass. In order to facilitate
the growth of vegetation, soil amendments along with special hydraulically applied
erosion control mulchin combination with seeds has been applied. These measures
are environmentally friendly and sustainable. At the toe of the slope, for the affected



404 M. Korulla et al.

stretch, 3 m high gabion wall was provided as per IS 16014:2012 for toe protection
(refer Figs. 19.8 and 19.9).

19.4.2.1 Design for Rockfall Mitigation and Erosion Control

For the design of the above-advanced solution, IRC: HRB-23 was referred and limit
equilibrium method was adopted. The system was checked for static and seismic
conditions. Further, to control the surface erosion, suitable erosion control mat was
provided as per the strength requirement in line with MoRTH section 700.

19.4.3 Solution for Valley Side Retention System

On valley side, for retention of proposed 12 m wide road, reinforced soil system of
25 m maximum height has been provided. In this location, the retention is provided
by the combination of reinforced soil system and gabion wall (Fig. 19.10).

The system is based on principles of soil reinforcementwherein, tension elements,
i.e., high strength polymeric grids are introduced in the soil mass as reinforcement
to retain the soil vertically or at steep slope by virtue of interaction between soil and
reinforcing elements [6], arrangement can be shown in Fig. 19.11.

Considering the high seismicity of the region, heavy rainfall, drainage require-
ment, large amount of cutting and filling work, etc., a composite reinforced soil sys-
tem with high strength geo-grid as primary reinforcement has been selected as the

Fig. 19.10 Typical section of valley side retention system
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Fig. 19.11 Schematic
arrangement of composite
reinforced soil system

best possible solution for retention system. On the top of this composite reinforced
soil structure, a gabion retaining the wall of maximum 6.5 m height is provided.
Further, at the interface of in-situ strata and structural soil, a drainage composite
has been provided to dissipate the pore water pressure developed and to assist the
flow of seeping water. As the topography is steep and variable, the height of valley
side retaining reinforced soil structures is varied throughout the stretch. The stability
analysis is carried on representative section depends upon the wall height and other
parameters.

19.4.3.1 Design of Reinforced Soil Structures

For the composite reinforced soil system, the static design was done as per British
Standards (BS: 8006-1:2010) and seismic design as perAASHTOStandards (FHWA-
NHI-10-024). Seismic coefficients were taken from Indian Standard (IS: 1893:2014-
Part-1).All stability analyses including, global stability, internal stability, and bearing
capacity checks were done for static as well as seismic conditions. The fill material
was adopted as per clause 3014 of MoRTH. Reinforcing element specifications fol-
lowsMoRTH3013.7. The design live loadwas adopted as per IRC6: 2014.Moreover,
the system was provided with geotextile at the back of the facia and at the hill slope
for proper drainage of the percolating water, to diminish the effect of pore water
pressure. All the required checks such as input flow, retention criteria, and clogging
resistance were checked as per FHWA-HI-95-038.
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19.5 Design Methodology

All the above solutions were designed using limit state equilibrium method and
serviceability method. For the design of reinforced soil structure as described in
Sect. 19.4.3 of this paper, in-house built software was used. A typical output of the
analysis is presented in Fig. 19.12. The software has the ability to perform slope
stability analysis for static as well as seismic conditions.

The summarized factors of safety for stability checks for static as well as seismic
condition are given in Tables 19.3 and 19.4.

Similarly, for the design of secured drapery, in-house built software was used.
The analysis for the design for hillside slope protection and rockfall mitigation as
described in Sect. 19.4.2 was performed using this software. A typical output file of
the analysis can be seen in Fig. 19.13.

The summary of the factor of safety used in this analysis for seismic conditions
is given in the Table 19.5.

Moreover, to check the settlement and deformation of the retention structure finite
element analysis was conducted using Plaxis 2D (plane strain analysis) was done. A
typical output of settlement analysis for the problem as described in Sect. 19.4.3 is
depicted in Fig. 19.14.

Fig. 19.12 Slope stability analysis of typical cross section
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Table 19.3 Summarized factors of safety for soil reinforced wall (static case design as per BS
8006-1:2010)

Stability checks Target FOS FOS for B2
Section

FOS for CC
Section

FOS for C1
Section

Global stability 1 1.346 1.480 1.886

Sliding stability 1.3a 3.023 4.042 >1.3

Bearing
Capacity

1.35a 1.829 3.380 3.611

Internal sliding 1 1.230 1.494 1.274

aThe software used for the analysis applies the minimum required safety factors in static case,
as mentioned in above table, to the resisting forces for respective stability checks and hence the
targeted safety factor is unity in all checks of static analysis

Table 19.4 Summarized factors of safety for soil reinforced wall (seismic case design as per
FHWA-NHI-00-043)

Stability checks Target FOS FOS for B2
Section

FOS for CC
Section

FOS for C1
Section

Global stability 1 1.258 1.193 2.292

Sliding stability 1.125 1.353 1.421 >1.125

Bearing
Capacity

1.875 1.969 2.813 9.625

Internal sliding 1.125 1.149 1.128 1.128

Table 19.5 Summarized
factor of safety for rockfall
mitigation (seismic case
design)

Stability checks Target FOS FOS for hillside
section

Bar design 1 1.41

Mesh design 1 1.20

Serviceability design 1 1.55

Moreover, the drainageflowchecks through the drainage compositewere designed
with another in-house built software, and the analysis of the seepage was done using
Slide Software. The inputs from Slide seepage analysis was used to further compute
the desirable grade of drainage composite to be used in the system. The typical result
of analysis can be seen in Fig. 19.15.
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Fig. 19.13 MacRO analysis for rockfall mitigation

19.6 Advantages of Solution Adopted

Composite reinforced soil system was selected due to its flexibility, seismic per-
formance, cost-effectiveness, speed of construction, and suitability for use with the
local materials. Other than these major advantages, this system also has the follow-
ing general and technical advantages in comparison to the conventional structure like
reinforced cement concrete. Flexibility of the system within acceptable limits helps
to accommodate differential ground settlement without any compromise in structural
integrity and help to stand stable during seismic effect.
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Fig. 19.14 Settlement analysis using Plaxis (2D) software

Fig. 19.15 Seepage analysis using slopes software for retentions system

For rigid structures like RCC, failure is spontaneous, and it is highly sensitive to
even slightest settlement in foundations and hence extensive ground improvement
techniques may be required or wall needs to be founded on hard strata. Also, there is
no limitation in terms of height of retention to which the composite reinforced soil
systems can be constructed. As on date case study exists for more than 70 m height
retention.
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Fig. 19.16 Current status of retention system at Birahi

In the case of composite soil reinforcement system, fascia system options like
gabions with integrated tail and composite system of coir, welded mesh, and woven
wire mesh that allows growth of vegetation are available. Moreover, social and eco-
nomic advantages are other vital aspects to be considered. As the technology sug-
gested is simple and the construction does not require highly skilled labor force or
special equipment, it allows recruitment of local workforce usually hired on site
which is sometimes a much more important social benefit than that represented by
the final work.

19.7 Construction Progress

The project is currently under construction. However, the retentions system for most
of the stretch of the road has been developed and drainage system has been installed.
This can be seen in Fig. 19.16. Moreover, the slope protection works has been done
with proper anchorage for rockfall mitigation. This can be seen in Fig. 19.17. Simi-
larly, a roadside gabion toe wall for hillside protection can also be seen in Fig. 19.17.
Few more site photographs of the site are depicted in Figs. 19.18 and 19.19.
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Fig..19.17 Rockfall mitigation and erosion control at Birahi

Fig. 19.18 Retention works at hairpin bend at Birahi site



412 M. Korulla et al.

Fig. 19.19 Site photograph at Birahi site

19.8 Instrumentation and Post-Construction Monitoring

It is quite essential to investigate any structure of thismagnitude via proper instrumen-
tation andmonitoring. Moreover, due to the challenging site location of Birahi where
the rainfall intensity is high, and which falls in seismic zone V with high vulnerabil-
ity of surface erosion, makes instrumentation and monitoring work more essential.
Hence to observe and safeguard the integrity of the structure, suitable contraption
for landslide monitoring were implemented on the site during construction. Major
parameters that needed to be monitored are as follows: (1) Drainage behavior of the
ground. (2) Polymeric reinforcement and nail force magnitude. (3) Deterioration of
facing and other soil nailing elements. (4) Performance of any structure supported
by reinforced valley slopes. (5) Horizontal and vertical movement of slope surface
and overall structure. Some of the function and instruments are given in Table 19.6.

19.8.1 Site Instrumentation

Various strain gauges at many desired locations under the retention system at the
valley site were put to observe the deformations at different layers at the site. More-
over, to detect the water pressure, piezometers were also placed in a PVC pipe of
diameter 4 inches which reached till the bottom of the valley side retention system.
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Table 19.6 Instruments and
their functions

Instrument Function

Reflectometer Deflection of facia elements in all
three directions

Strain gauge Strain developed in primary
reinforcement

Slope inclinometer Wall deformation

Earth pressure cells Total pressure in earthfills and
embankments

Piezometers Pore water pressure measurement

Road

Inclinometer

Piezometer

Valley 
Side

Strain gauge

Earth 
pressure 

Load Cells

Reflectometer

Fig. 19.20 Instrumentation scheme for Birahi site

An earth pressure cell at the bottommost retentions system at the back side of the
facia was positioned to monitor the variation of the stresses where the shear failure
is most anticipated. Apart from these, reflectometers were also placed at the valley
side retention system to examine the tilt of the structure with time. As for the hill-
side monitoring, five load cells were positioned to detect the rock slide. Moreover,
inclinometers were put at the valley side. The typical cross-sectional view of the
instrument scheme can be seen in Fig. 19.20. Moreover, Figs. 19.21 and 19.22 show
the implication of the strain gauge and reflectometer at the site.
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Fig. 19.21 Implementation of strain gauge at the site

Fig. 19.22 Placement of reflectometer at the site
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Chapter 20
Geotechnical Education from Field

I. V. Anirudhan

20.1 Introduction

The formal teaching of soil mechanics started in India more than six decades ago.
Terzaghi and Peck [1], and Taylor [2] were taught in classes, while the actual appli-
cation in the field was limited since the civil engineers were engaged in other matters
of design and construction. Foundation design and construction continued without
much application of soil mechanics. Some specific problems encountered in the
field were looked into by the professors and solutions were offered using their lim-
ited time allotted for such engagements. Special foundations like driven cast-in-situ
piles, bored cast-in-situ piles, well foundations and caissons were being constructed
by specialist contractors collaborating with specialists from other countries. These
technologies brought along the design procedures. Presently, there are different foun-
dation and ground improvement systems and earth retention systems being adopted
in India. Design of all these systems is based on the empirical approaches developed
elsewhere, either by the specialist contractors or by the research institutions.

Most of the systems being adopted in India have standards specified by Bureau of
Indian Standards. These standards were initially drawn from the accepted practices
elsewhere based on the successful execution of the system in some projects. Very
rarely research is pointing towards the improvement or understanding of these design
procedures because the procedures are taken for granted. As a result, some of the
geotechnical design codes are closer to theory without addressing the field-related
variabilities and boundary conditions.

India witnessed several advancements in the foundation construction methods,
deep excavation procedures, and ground improvement systems, all borrowed from
specialist contractors. Three critical aspects of a foundation system, vis-à-vis, design,
construction and performance, are not well connected and there are no serious efforts
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of the academic institutions to bridge this gap. However, such efforts are the only way
to equip a geotechnical graduate student to foresee problems and then design a solu-
tion for execution. Involvement of the students in such practical research programs
shall improve their problem-solving capabilities.

Terzaghi and Peck [1] developed their theories based on the problems they faced
and solved in the field, and their books and papers present the interlacing between
the theory and the practice. The curriculum, however, does not attempt to relate the
theory to its background while teaching from these books.

Many institutions do not understand thewhole ambit of research and execute theo-
retical projects. One such example is microzonation of cities in which the research is
not bringing out any authentication of an application. Several modifications are being
done on the commonly used Indian Standard Codes on Geotechnical Engineering,
but rarely have the inputs from well-documented case histories.

This paper attempts to bring in the ways to reduce the gap between the design and
practice citing some selected field experience.

20.2 Literature

Some of the textbooks, like the Terzaghi and Peck [1], use the field situations to
explain the theory behind an application and take back the reader to the practical
world of soil mechanics and the geotechnical engineering. One classic example is
the bearing capacity theory developedbyTerzaghi from the observation of ‘punching’
of the shallow footing into the ground. Unfortunately, the visualisation of the bearing
capacity failure in soil is only in our imagination because actual ones seldom occur
as represented in theory. Centrifuge model studies and 1g model studies help us to
reaffirm our imaginations if the boundary conditions are adequately captured.

Bolton [3] developed his book ‘A guide to Soil Mechanics’ narrating three case
histories, taking the reader from the field to a classroom.

The understanding of anisotropy in clay deposits by observing the mobilisation
of shearing resistance along the failure plane embedded in the soft clay foundation
supporting embankment [4] is a classic example of learning from the field.

The limiting frictional resistance along the length of a drilled shaft measured by
instrumentation of several such foundations lead to the development of empirical
expressions [5] instead of classical static formulations and later modified and being
practised by FHWA [6, 7]. The success of such empirical expressions lies in the
fact that they follow the accepted theoretical outlines. The classroom lectures may
not be sufficient to convince a student about such deviations from the theoretical
formulations.

Lateral squeezing of very soft to soft clays under embankment loading is a com-
mon occurrence in the field. However, such a possibility is not taught in a classroom
where classical theories of slip failures are taught. The literature report several such
cases. Radhakrishnan and Anirudhan [8] illustrate an example of lateral squeeze and
heave of soft clay under platform fill loading. High water table conditions or standing
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water reduces the resistance to lateral squeezing. Anirudhan and Ramaswamy [9]
discuss a similar case in which a full raft foundation experiences large settlement
and tilt partly due to lateral squeezing of soft clay under insufficient overburden con-
ditions. These lessons from the field should advise a geotechnical student to check
for the possible lateral squeezing when the design of an embankment or foundation
over soft clay is undertaken. Ramaswamy and Anirudhan [10] present how the case
histories can aid teaching the foundations on expansive soils.

These citations are only a fraction of the valuable case studies and field observa-
tions available in the literature. The classrooms shall introduce suchwell-documented
case studies as part of the teaching process.

20.3 Linear and Nonlinear Load-Settlement Behaviour

Geotechnical design often stresses the serviceability criterion to define the design
load-carrying capacities of any foundation element. This criterion relates to the struc-
tural capacity of the foundation system also since the structures are not very flexible.
Making a structure more and more rigid or more flexible to tolerate any amount of
differential movement is neither rational nor practical. Hence, the serviceability cri-
terion relates to a sustainable differential movement between different components
of the structure and also of the foundation. There is a difficulty in estimating the pos-
sible differential movement because of the unknown variables. The starting point of
defining the differential movement is the estimation of the total expected movement
of the foundation, and then the differential movement is suggested as a percentage
of the total movement.

From the elastic theory, the movement of a rigid foundation is

Si � qB

(
1 − μ2

)

E
I, (20.1)

where Si is the immediate elastic settlement, q is the incremental load, B is the
foundation width, E is the elastic modulus μ is the Poisson’s ratio and I is influence
factor that is a function of other foundation dimensions, depth and the Poisson’s ratio.

In all practical purposes, this immediate elastic settlement is taken as the total
settlement when cohesionless (free draining) soil is forming the foundation soil.

There are other expressions for estimating the compression of a soil layer encoun-
tered below the foundation element once the incremental stress in the layer is known.

S f � 2.303
Hi

C
log10

[
( p̄0 + �p)

p̄0

]
, (20.2)

where Sf is the compression of the layer of thickness Hi, C is the compressibility
coefficient as a function of static cone resistance and the effective overburden pressure
p0′ and �p is the incremental stress due to the load on the foundation.
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S f � Hi

1 + e0
cclog10

[
( p̄0 + �p)

p̄0

]
, (20.3)

where e0 is the initial void ratio and cc is the compression index.

S f � �p mvHi , (20.4)

where mv is the coefficient of volume compressibility and Hi is the thickness of the
interested layer.

Equations 20.1–20.4 are from IS 8009 Part 1 [11]. Equations 20.1 and 20.4 are
linear to the load increment resulting proportionally increasing settlement as the
applied load increment increases. Equations 20.2 and 20.3 may somewhat converge
and produce a mildly increasing rate of settlement as the incremental load increases.

20.3.1 Load-Settlement Response from Plate Load Test

Figure 20.1a is illustrating a load-settlement curve from a plate load test in the field.
The plate size is 450mm× 450mmand placed on the surface. There is no overburden
effect around the plate for some distance. Figure 20.1b is presenting the hyperbolic
representation of the same curve.
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Fig. 20.2 a Load-settlement response of a 1.50 m × 1.50 m footing at surface b hyperbolic repre-
sentation of the load-settlement response in figure (a)

20.3.2 Load-Settlement Response from Footing Load Test

Results from a 1.5 m × 1.5 m size footing load test conducted over fully weathered
friable rock formation are presented in graphical form in Fig. 20.2a. The hyperbolic
fitting of the same is shown in Fig. 20.2b.

20.3.3 Load-Settlement Response of Driven Cast-In-Situ Pile

The response of a vertically driven cast-in-situ pile of 500 mm diameter under com-
pression loading is shown in Fig. 20.3a. The load-settlement response is not linear.
The hyperbolic representation shown in Fig. 20.3b illustrates that the load-settlement
response is a combination of two hyperbolic curves.

20.3.4 Load-Settlement Response of a Large Pile Group

The load-settlement response of a piled raft system (pile used as a settlement reducer)
is not much different from the above-referred responses. Figure 20.4 is presenting
an estimation made using Eqs. 20.2 and 20.3 for a 33 m diameter ammonia storage
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Fig. 20.3 a Load-settlement response of a 21-m-long, 500-mm-diameter-driven cast-in-situ pile
resting in sand (mostly passing through sand) b hyperbolic representation of the load–displacement
response shown in Fig. 20.3a

tank supported on short-driven cast-in-situ piles. The piles are terminated at about
13.0 m depth passing through medium dense sand and soft clay layers and resting in
the medium dense sand. The estimated settlement at different loading is somewhat
linear to the load increments. The actual measured settlement of the tank under
hydro-testing is also shown in Fig. 20.4. The actual load-settlement response is not
linear as the rate of settlement is increasing as the load increases. More details of
this case study are available in Anirudhan and Balakumar [12].

20.3.5 Discussion

All the above responses from the field confirm that the load-settlement reaction of
a foundation is not linear as many equations suggest. The nonlinear response is
due to the nonlinear behaviour of one of the variables in all these estimations. The
variables here are the incremental load and the stiffness of soil layers. The stiffness
and probably the Poisson’s ratio are the only nonlinear parameters here.

The classrooms talk about nonlinearity in the stiffness, i.e. its variability under
different stress levels of the soil. Different soil models incorporate this nonlinear
behaviour, and a visit to the field responses helps the student to understand it better.
The hyperbolic representation is one of the nonlinear response curve fitting technique
that has broad applications in the geotechnical problems [13].

The nonlinearity in its simplest form may be expressed as



20 Geotechnical Education from Field 423

0

20

40

60

80

100

120

140

0 2 4 6 8 10 12 14 16 18 20
Se

ttl
em

en
t, 

pe
rip

he
ry

, m
m

Load in terms of Water Height, m

Estimated (EQ2)

AT3 (Periphery)
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�H � �p(a + ka�H), (20.5)

where�H is the displacement,�p is the incremental load, a is a constant and ka is the
stiffness coefficient. �H is appearing on both the sides. Kota et al. [14] attempted a
solution for the load-settlement behaviour of piles, and partial solutions are reported.

20.3.6 Summary Points

1. The theoretical estimation of the load–displacement behaviour of a foundation
system is generally linear.

2. The real behaviour is nonlinear even in the usual working range, and this non-
linearity is emerging from the elasto-plastic nature of the soil.

3. The nonlinear stiffness factors shall be introduced for a realistic estimation of
the load–displacement response.

20.4 Construction Procedures and Related Variabilities

In many geotechnical construction procedures, the boundary conditions and the
natural state of the soil are altered by varying degree. These changes affect the
performance of the structure thus constructed. Construction of earth retention sys-
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tems, deep foundations, ground improvement programs and tunnels is influenced by
construction-induced variables. Theoretical postulations alone are not sufficient to
address the design of such geotechnical elements. Various soil models try to incor-
porate such variabilities. Often an empirical or semi-empirical approach is needed
to address the variabilities resulting from the construction procedures. One typical
example is the design of bored cast-in-situ piles (drilled shafts). The following sec-
tions discuss the design, both by theoretical and empirical approaches, and the field
performance of deep-bored cast-in-situ piles in an infrastructure project.

20.4.1 Theoretical Design of Bored Cast-In-Situ Piles

Most textbooks refer to static theories for estimating the load-carrying capacity of a
deep foundation. The end-bearing component is determined using bearing capacity
equations, while the shaft friction (skin friction) is determined from the shearing
resistance along the pile–soil interface as derived from the horizontal soil pressure
acting on the pile surface. The IS code for the design and practice of the construction
of pile foundations [15] uses these recommendations. The ultimate vertical com-
pression load-carrying capacity Qu of a uniform diameter bored cast-in-situ pile in
granular soil is estimated using the expression,

Qu � Ap
(
1/2Dγ Nγ + PDNq

)
+

n∑

i�1

Ki PDi tan δi Asi (20.6)

where Ap is the pile base area, D is the pile diameter, γ is the effective unit weight
of the soil at the pile base, Nγ and Nq are the bearing capacity factors depending
upon the angle of shearing resistance of the soil around the pile base, PD is the
effective overburden pressure at the pile tip,

∑n
i�1 is the summation for layers 1 to n

contributing positive skin friction, Ki is the coefficient of earth pressure applicable
to the ith layer, PDi is the effective overburden pressure at the mid-depth of the ith
layer, δi is the wall friction between the soil and the pile in the ith layer taken as
0.75–1.00 times the angle of shearing resistance φ of the soil and Asi is the surface
area of the pile shaft in the ith layer.

The value of PD is limited to a value equal to the effective overburden pressure
from the soil thickness equal to 15 to 20 times the pile diameter above the pile tip.

The ultimate compression capacities of 35-m-long and 55-m-long piles in a site
are estimated using the above expression, and the results are shown in Table 20.1.

The above-estimated values are by strictly following the parameters recommended
by the code and textbooks. Often, the design practice is to reduce the skin friction and
end bearing in the case of bored cast-in-situ piles citing the possibility of disturbances
during the boring operations, the effect of the drilling mud, etc.
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Table 20.1 Estimated
compression capacities of 35-
and 55-m-long piles using IS
2911 (Part 1, Section 2)
procedure

Resistances/pile
length

35 m long (TP5) 55 m long (TP8)

Ultimate friction (kN) 6251 23,743

Ultimate end bearing
(kN)

5120 5120

Total ultimate
compression (kN)

11,371 28,862

20.4.2 Empirical Design of Bored Cast-In-Situ Piles

Reese and O’Neill [6] recommended an empirical approach limiting the side friction
as the depth increases and by estimating a limiting end-bearing resistance based on
the SPT N value at the pile base when the bearing soil is sand. This procedure is
adopted by FHWA [7] and subsequently adopted by AASHTO.

According to this procedure, the base resistance (kN) in cohesionless soil is

Qe � Ap(57.5N60), N60 limited 50, (20.7)

where Ap is the cross-section area at the pile base in m2, N is the SPT blows for
300mmpenetration corrected to SPTN60; the factor 57.5 is modified proportionately
for pile length less than 10 m.

The side resistance (kN) in cohesionless soil is estimated as

Qs �
n∑

k�1

βPDi Asi (20.8)

where Asi is the surface area of the pile length in the respective soil layer, in m2, β
is estimated from the empirical expression β � 1.5–0.245

√
z(m) for corrected SPT

N > 15, β is reduced by a factor N60/15 when the corrected SPT N60 is ≤ 15. The
unit side friction resistance is limited to 200 kN/m2.

The ultimate compression capacities of 35-m-long and 55-m-long piles are esti-
mated using the above expressions suggested by O’Neill and Reese and the results
are shown in Table 20.2.

Table 20.2 Estimated
compression capacities of 35-
and 55-m-long piles using
O’Neill and Reese procedures

Resistances/pile
length

35 m long (TP5) 55 m long (TP8)

Ultimate friction (kN) 3365 6315

Ultimate end bearing
(kN)

2608 2608

Total ultimate
compression (kN)

5973 8923
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20.4.3 Performance of the Pile Under Load Testing
and Discussion

Figure 20.5a, b is presenting the load-settlement response of these 35-m-long, 55-m-
long and 760-mm-diameter-bored cast-in-situ piles when load tested. The ultimate
capacities as defined by the load corresponding to a settlement equal to 10% pile
diameter are determined by hyperbolic extrapolation.

The estimated values are compared with the actual test results and presented
as the percentage of the actual capacity. The IS2911 value is compared with the
ultimate value, and the Reese values are compared with the load corresponding to
the settlement equal to 5% pile diameter. The comparisons are made with respect to
different base values considering the basis of the two approaches. IS 2911 predicts
the ultimate resistance corresponding to pile movement equal to 10% pile diameter,
while Reese procedure predicts a resistance corresponding to a pile tip movement of
5% of the pile diameter.

The summary of this comparison is presented in Table 20.3. The ultimate value
is reported from the inverse slope of the hyperbolic curve.

The estimations using the IS code procedure is overpredicting the capacities by a
considerable margin (+48% to +142%) mainly because of the theoretical approach
without considering the construction procedures. The values determined by O’Neill
and Reese procedure are comparable (−3% to +6%) with the test results because of
the adaptation from field results. The method from IS 2911 was used for comparison
because of its closeness to most analytical methods.
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Fig. 20.5 Load-settlement response of 760-mm-diameter-bored cast-in-situ piles under compres-
sion loading. a 35-m-long pile and b 55-m-long pile
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Table 20.3 Comparison of
compression capacities of 35-
and 55-m-long piles as
obtained from load test and
the estimations using O’Neill
and Reese procedures and IS
2911 procedure

Resistances/pile
length

35 m long (TP5) 55 m long (TP8)

O’Neill and Reese
procedure (kN)

5973 (−3%) 8923 (+6%)

IS 2911 procedure
(kN)

11,371 (48%) 28,862 (142%)

Ultimate from the
load tests (kN)

7692 11,905

From the load tests
@10% pile diameter
(kN)

6840 9851

From the load tests
@5% pile diameter
(kN)

6157 8401

20.4.4 Summary Points

1. The theoretical postulations and expressions used in the design of different
geotechnical components are not incorporating the variations occurring during
the construction.

2. The nature of variations differ between the systems and suitable modifications
in the design procedures are necessary to provide a safe design.

3. The empirical design procedures developed based on the real-field response stud-
ies produce more economical and safe designs.

4. The design codes shall incorporate such empirical design procedures.

20.5 Stage Loading and the Risk of Plastic Flow

Soft clay layers are often encountered at shallow depths in and around coastal regions
and are susceptible to large consolidation settlement. Special ground improvement
techniques are in practice to control the settlement. Among the methods, precom-
pression, otherwise, known as the pre-consolidation procedure is quite often used in
the construction of road embankments, large storage tanks, etc., to minimise post-
construction settlement. Preloading is, generally, done in stages, allowing the weak
soil to gain strength to accept more loads. The principles of preloading are well estab-
lished, but this technique is typically combinedwith vertical drains (sand drains/band
drains) to accelerate the consolidation. However, in situations where adequate time
is available for the construction and commencement of the project, preloading alone
is sufficient to complete the required amount of consolidation improving the shear
strength.
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Preloading of soil is, generally, carried out before the actual construction. But in
specific construction works preloading is possible even after the installation and one
such example is large storage tanks wherein relatively large settlements are allowed.
Successful examples of such preloading are described by Penman and Watson [16]
and Darragh [17]. However, there have also been unsuccessful instances, where
the foundation soil could not be stabilised under the scheduled time, and the rapid
loading leads to a base failure [18]. A slow filling is successful in consolidating and
strengthening the clay and for subsequent satisfactory performance.

20.5.1 Case of Stage Loading of Surge Tanks

Three surge tanks of 12.5mdiameter and 8.0mwater columnheightwere constructed
on soft clay foundation overlain by roughly 3.0 m thick medium dense to dense
granular soil. Even though the thickness of soft clay with liquidity index 0.55 is
4.5–6.0 m, the ground improvement using standard procedures was not considered.
Instead, very slow incremental loading of the total 8.0 m water over a period of
3 years was agreed upon as the time for the commissioning was not critical.

In the present case, the undrained shear strength of the soft clay at 2.50 m depth
was 15–17 kN/m2. The average coefficient of consolidation cv was determined as
2 m2/year from the laboratory investigation. The maximum pre-consolidation pres-
sure is about 64 kN/m2. The soft clay is followed by very stiff to hard clay and
weathered rock, almost incompressible under the expected load increment.

The effective overburden pressure at the onset of the soft clay is 45 kN/m2. The
pre-consolidation pressure being 64 kN/m2, roughly 20 kN/m2 additional loads can
be applied without any significant settlement. Consolidation begins when the applied
load exceeds 20 kN/m2. Hence, the load increments were recommended as 35, 45
kN/m2, etc. with steps of 10 kN/m2 after that. Based on the estimations, each addi-
tional load was to be maintained for 3–4 months for improving the shear strength of
clay making it strong enough to support the next load increment.

The hydro test was carried out as designed until load increment of 45 kN/m2.
Figure 20.6 presents the response under the hydro test of one of the tanks. OB-1 to
OB-8 are the observation points along the tank periphery.

20.5.2 Rapid Loading and Plastic Flow

There was a request to speed up the filling, and holding rate and the site management
decided to load the tank beyond 55 kN/m2 load after waiting for only 5 days. The
rate of settlement suddenly increased as seen in the load-settlement responses at
eight observation points around the tank. The load was immediately reduced to 6 m
filling height to prevent any possible failure. The revised estimation considering the
increased rate of loading is also presented in Fig. 20.6. The rate of settlement was
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Fig. 20.6 Load-settlement
response of the surge tank
under hydro test at a rate of
10 kN/m2 at every
3–4 months
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suggesting a possible plastic flow in the soft clay when the tank was loaded at a faster
rate. There is a standard assumption that the clay may undergo plastic flow when the
vertical incremental stress exceeds 4 cu. Four times the undrained shear strength is
4 × 16 kN/m2 � 64 kN/m2. There was a possibility of plastic flow in the soft clay
below 2.50 m when the water load exceeded 6.5 m height. More details of this case
are available in Kalaiarasi and Anirudhan [19].

20.5.3 Summary Points

1. The risk of plastic flow shall be thoroughly studied when constructions over soft
clay are planned.

2. Since there is no definite solution for estimating the shear strength of soil involved
in plastic flow, a conservative approach is necessary in most cases.

3. A plastic flowmay be expected when the incremental vertical stress exceeds four
times the undrained shear strength, i.e. 4 cu.

4. Stage loading procedures, with or without vertical drains, shall address the issue
of plastic flow and the corresponding rate of loading.

20.6 Pile-Driving Formulae for Driven Cast-In-Situ Piles

During the development of driven cast-in-situ piling system, various dynamic for-
mulae were also developed for confirming the pile seating depth and for verifying
the compression capacity. The basis for such equations is the compatibility between
the input energy used for driving the pile and the work done in terms of the pile
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penetration into the ground. One such method developed by Hiley [20] became very
popular because of its simplest form.

Ru � Whn

S + C/2
, (20.9)

where Ru is the ultimate resistance, W is the weight of the driving hammer, h is
the effective falling height, n is the energy efficiency of the driving system that is
a function of the ratio of the driving weight and the pile casing weight and the
type of cushion used over the casing top, S is the permanent pile penetration under
one hammer blow and C is the temporary compressions of the casing pipe, wooden
cushion and related parts of the system and the soil.

The construction of driven cast-in-situ pile is achieved by driving a temporary
casing made of seamless pipe using a heavy hammer. A dispensable shoe made of
cast iron or mild steel is provided at the bottom preventing the soil from entering
into the casing. The driving is thus displacing the soil sideways increasing its density
when drained type soil is present. Once the driving reaches the desired depth, the
reinforcement is lowered into the casing, and then the concrete of high workability
is poured to fill up the tube. The casing tube is immediately withdrawn during which
the casing is tapped to release the concrete.

This system of piling became very popular in India, and several projects were exe-
cuted. IS 2911 (Part 1, Section 1) [21] was developed for this piling procedure that
incorporated the Hiley dynamic pile-driving formula. However, there was disagree-
ment over the use of this driving formula because of the severe mismatch between
the predictions from the equation and the actual load test results. Subsequently, the
IS code in its latest revision withdrew the Hiley formula citing the reason that it was
not scientific.

The driving formula cannot be used to estimate the pile capacity during the design
stage since the driving records are not available at this stage. There are several
cases in which very dense soil is not present for a considerable depth, whereas the
piles could be terminated before reaching the very hard stratum. It is also because
of the limitations in the length of driven cast-in-situ piles that could be installed
using a single piece casing. The pile-driving formula becomes handy in such cases,
wherein the pile-driving record is used to ensure the desired capacity once it reaches
a predetermined depth.

The difficulties in the appropriate use of pile-driving formula are deriving from the
inadequate understanding of the pile-driving system and its response during driving.
Problem in the prediction of recoverable penetration, C, used in the formula and the
presence of the dispensable shoe that is larger than the pile casing are the primary
sources of errors in the use of a pile-driving formula. The following sections describe
the difficulties in using the dynamic driving formula in the case of driven cast-in-situ
piles in a project.
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20.6.1 Soil Profile, Pile Capacity Estimation and Pile-Driving
Records

Driven cast-in-situ piles of 500 mm diameter and 21.0 m long with design capacity
120 tonnes were recommended in one of the sites in Manali, Chennai, based on a
detailed geotechnical investigation. Figure 20.7 is presenting the typical soil pro-
file, the shear strength profile and the pile capacity estimations. The subsoil profile
comprises weak clay and sandy clay layers up to 5.0 m followed by fine-to-medium
sand with medium-to high-relative density extending up to about 28 m. Profile up
to 20.0 m is only presented in Fig. 20.7. The estimated ultimate pile capacity was
3090 kN (309 tonnes) using static procedures given in the standard books. 500 mm
diameter piles were installed using an ‘A’ frame-piling machine supported on roller
pipes. 4.30-tonne drop hammer guided through the casing guide frame was dropped
from an average height of 1.40 m for pile driving. Several trial drivings, EB 1 to EB
12, were executed on the site to confirm the drivability and also to confirm the desired
capacity for 21-m-long piles. Uniform pile penetration profiles were derived from
these trial drivings as illustrated in Fig. 20.8. It presents four trial-driving details up
to 28 m depth.

20.6.2 Pile Capacity Estimation Using Driving Records

Estimation of safe compression capacity of 18-m-long and 21-m-long pileswasmade
using the pile-driving records and the Hiley formula. The summary of the analysis
is presented in Table 20.4. Standard values of elastic compression C are used in the
estimations.

The estimated safe capacities are far below the capacities derived from the soil
properties using static formula. There were discussions on reducing the safe capac-
ities or increasing the depth to achieve the desired safe capacities. However, the
trial-driving records show more or less uniform diving resistance between 21 m and
26 m that would suggest practically no improvement in the safe capacity if analysed
using the driving records.

20.6.3 Pile Capacity from Static Maintained Load Tests
and Comparison with the Estimations

Static maintained load tests were conducted on 18.0-m-long and 21-m-long piles and
the corresponding load-settlement responses are presented in Fig. 20.9.

The load-settlement response curves are analysed for arriving at the safe compres-
sion capacities based on the shear criteria and settlement criteria as recommended in
IS 2911 Part 4 [22]. The summary of this review is presented in Table 20.5.
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Fig. 20.7 Subsoil profile
and shear strength
parameters and pile
capacities
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Fig. 20.8 Pile-driving
profile in terms of the
number of blows for every
500 mm penetration 0.0
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The estimated ultimate capacities using the standard static formula are compara-
ble with the actual capacities confirmed by the static load tests. Marginally higher
resistance may attribute to the additional skin friction from the top weak soil lay-
ers. The estimations using dynamic pile formula are only about 38% of the actual
ultimate capacities derived from the static load tests.
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Table 20.4 Estimation of safe compression capacities using Hiley formula and the driving records

Trial driving no. EB-5 EB-6 EB-7 EB-8

18.0-m-long piles

W tonnes 4.3 4.3 4.3 4.3

H m 1.40 1.40 1.40 1.40

Np (blows between 6 and 18 m) 432 493 458 464

Blows for last 500 mm 22 23 24 19

S cm 2.27 2.17 2.08 2.63

Ultimate capacity using Hiley formula 98 t 103 t 105 t 88 t

21.0-m-long piles

Np (blows between 6 and 21 m) 601 667 630 629

Blows for last 500 mm 32 33 30 30

S cm 1.56 1.52 1.67 1.67

Ultimate capacity using Hiley formula 128 t 130 t 123 t 123 t

Fig. 20.9 Load-settlement
response from static
maintained load test
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Table 20.5 Estimation of
safe compression capacities
from the load tests

Pile length 18.0 m 21.0 m

Load corresponding to 12 mm settlement
P12

154 t 210 t

Safe load as per IS code provisions � P12
÷ 1.5

103 t 140 t

Ultimate load from load–settlement curve 270 t

Load corresponding to 50 mm settlement
as per hyperbolic curve

270 t 340 t

Safe load from shear capacity P50 ÷ 2 135 t 170 t

20.6.4 A Relook into the Use of Hiley Formula
and the Driving Records

Figure 20.8 is presenting a very consistent pile-driving record for all the four trials
reported. Such consistency cannot be considered accidental. In spite of the general
opinion that the pile-driving formulae are erratic or not dependable, the uniformity
in the driving profile in a given soil suggests its usefulness if appropriately analysed.

The basis of different dynamic formulae for pile driving is not known to many in
the field, because the primary data from which these formulae were derived and vali-
dated are not readily available. Whitaker [23] reviewed ten such formulae, including
the one based on wave equation, and finally suggested that ‘If possible, avoid using
a driving formula except for piles that are to be end bearing in sand or gravel’. He,
however, acknowledged the fact that a driving formula is of more practical use as a
control where the ground conditions are substantially uniform to ensure that piles of
one kind are driven to approximately the same resistance.

With this limited purpose, a rational approach to the most common dynamic
formulae practised in India is attempted here. Further perusal of driving records in
the present instance suggests that the computations usingHiley formula do not reflect
any significant increase in the safe capacity from 15 to 21 m. It cannot be true as the
soil between 15 and 21 m is reasonably dense sand adding substantial skin friction.

Mostly, driven cast-in-situ piles use flat dispensable MS shoes. The diameter of
these shoes is 40–60 mm more than the pile diameter creating an annular spacing
between the soil and the casing pipes. The Hiley formula is not accounting the side
friction along the casing pipe during pile driving, partly because of an oversize shoe
and partly because of lubrication along the smooth casing. It is evident from the trial
driving made on this site also in which the blow counts only marginally increase with
increasing depth in spite of good sand layers.

Many researchers have experimentally proved that the pile derives its compression
capacity by friction gradually developing from the top segments and the end-bearing
mobilisation in the initial stages is marginal. A substantial percentage of the total
friction ismobilised before a sizable amount of end bearing is realised [24]. They have
concluded that all the piles with a reasonable amount of skin friction carry almost the
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Table 20.6 Revised
summary of pile capacity
estimation from static formula

Pile length 18.0 m 21.0 m

Ultimate end bearing 141 t 165 t

Ultimate skin friction 107 t 144 t

Total ultimate capacity 243 t 305 t

Safe skin friction for FS � 1.75 61.3 t 82 t

Safe end-bearing component with FS 2.5 56.5 66 t

Design safe capacity tonnes 118 t 148 t

entire design load by friction that too with a small amount of relative displacement
between pile and soil. Hence, it is justifiable to assume the partial factor of safeties
such as 1.50–1.75 for skin friction and about 2.50 for end bearing while arriving at
the safe capacity from the load tests. It is also pertinent here that the mobilisation of
more than 30% of the end bearing requires large movement of the pile base. In most
of the cases, where both the components are prominent, the overall safety factor will
be close to 2.0–2.5. Tomlinson [25] also points out the predominant presence of the
skin friction component under working load.

Two issues arise from the above discussions. (1) The ‘set’ measured at the end
of pile driving reflects mostly the end conditions with a negligible presence of side
friction and (2) the significant contribution to the working capacity of a pile (except
for strictly end-bearing piles) is from skin friction.

A renewed look as summarised in Table 20.6 at the end-bearing and the skin
friction component as estimated from the static formula is relevant at this juncture.

The driving records show that the pile penetration per blow of 4.30 m hammer
falling from 1.40 m height is 500 ÷ 21 � 23.8 mm/blow at about 18.0 m depth and
500 ÷ 31 � 16 mm/blow at approximately 21.0 m (Ref Fig. 20.8). The ultimate
capacities for these rates of penetration estimated using Hiley formula after applying
standard elastic compression parameters are 115 tonnes and 145 tonnes, respectively,
for the 18-m-long and 21-m-long piles.

20.6.5 Discussion

This static capacity derived from the dynamic response under specific impact energy
is not expected to be the same for different types of soils. Thus, the static resistance
estimated above shall be subjected to suitable modification taking into account the
dynamic–static response of the given type of soil.

Various studies on the correlation between SPT N and static cone resistance qc
revealed that the ratio between qc (static response) and field N (dynamic response)
increases when the average particle size increases [24, 26]. The ratio may be 110 for
clay and 600 for coarse sand when qc is expressed in kN/m2. Many have equated
the static end bearing of a pile to the resistance of the cone [24]. The pile driving
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resembles SPT, while the static resistance of the pile is similar to the resistance of
the cone pushed into the ground by static loading.

Even while the elastic compression of the soil (a component in the temporary
penetration C in the dynamic formula) at the pile tip is selected based on the type of
the soil, there is also a need to choose a suitable ‘conversion’ factor for estimating the
static resistance from the dynamic resistance. In the present case of load testing, the
ultimate static resistances of 18- and 21-m-long piles from end bearing are roughly
140 and 165 tonnes. The ratio between the real load and the computed load is about
1.20 for this given soil and assuming that the dynamic response is fully realised by
end bearing only.

Whitaker [23] quotes Terzaghi’s observation after analysing the performance
of several timber, steel and concrete piles, the ratio of the real load to the com-
puted load covered the range of 0.25–4.0. This range is expected to cover plastic
clays to weathered rock formations. Accordingly, the resistance to driving into dif-
ferent soils with comparable static resistance differs considerably. Resistance from
clay to driving will be considerable compared to that from sand having similar static
resistance. The factor of safety applied to ultimate dynamic resistance for deriving
the safe static resistance shall reflect such varying resistance to driving. The range
of the factor of safety can be 1.5 for coarse sand and 3.5 or more for clay with inter-
mediate values for different effective particle sizes. Selection of the most suitable
factor of safety is a difficult task because of high empiricism. The soil below 8.0 m
in the present case is fine-to-medium and medium sand and factor safety 2.0 is found
appropriate for arriving at the safe end-bearing component.

The dynamic pile-driving formulae can be a handy tool in the decision on the
termination level of drivenpiles.However, a suitable calibrationmechanismandmore
sophisticated ways of measuring the quake in the soil, recoverable penetration due
to elastic responses of the pile and soil, contribution from the skin friction resistance
during driving, etc. are necessary to make it work for a given soil condition and
driving mechanism. Modern pile drivability analysis systems take care of this to a
reasonable extent.

In spite of the shortcomings in the dynamic pile-driving formulae, the pile-driving
records are effectively used in deciding the pile termination depths for a given safe
design capacity in a given soil condition. Anirudhan [12] describes one such case.

20.6.6 Summary Points

1. The driven pile system is relatively economical, and one of the advantages is the
possibility of individual assessment of its performance during construction.

2. Various dynamic pile-driving formulae do not produce a consistent prediction
under different soil conditions. There are several factors influencing the driving
mechanism other than the simple energy work done relation.
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3. The use of dynamic pile-driving formulae in the decision of pile termination
depth in a given soil condition requires careful understanding of the equivalent
static response.

20.7 Field Exposure to Geotechnical Student

The internship programs for the postgraduate students in geotechnical engineering
implemented by many institutions are not very useful because of its short duration
and the absence of periodical reviews by the institute. The reviews are not possible
as the training period is 4 to 5 weeks only. It is not an exaggeration that there is a
lack of interest in the students and their teachers in this matter.

A productive and fruitful practical training is possible only if the postgraduate
student spends 3 to 6 months in a design and construction organisation. The period
of training shall be split between the field and design office. Relatively large duration
of training shall provide the opportunity for periodical reviews by the parent institute
making the training useful.

There is also a lack of knowledge and understanding of the desired outcome of
such training. It shall be understood that the student is not expected to learn a new
topic during this training, but required to gain experience of what was taught in
the classroom. The practical application of a procedure or theory explained in the
classroom can be understood when similar problems are solved in the field or a
design office. It means that the student shall need an initial preparation to undergo
a useful training program. Interaction with the organisation offering such practical
training by the student supervisor is necessary to make the student prepared for the
training. The time spent on the training can be more effective if the training program
is outlined with the help of such interaction.

Often the postgraduate project work is not on a practical application. It is mainly
because of the short duration available for the projectwork and the necessity of certain
‘completeness’ of thework carried out. Thefield problems requiremore time, and this
could delay the project report preparation. This shortcoming can quickly be resolved
if the teachers are committed to producing a resourceful geotechnical engineer.

Students can seek internships in prestigious organisations and specialist contract-
ing firms outside their curriculum requirements. Resourceful companies shall come
forward to offer such facilities that would immensely gain not only the student but
also the geotechnical profession as a whole.

Some premier institutions are offering courses on design and practices devel-
oped from case studies. Experts from the field are conducting such classes, and
the approach is advantageous. This program shall be developed further to make such
courses to cover more areas of geotechnical applications. Some of the pertinent areas
may be,
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1. Design of foundations in varying ground conditions.
2. Development of ground improvement system for given site conditions and the

construction proposals.
3. Comparison between different foundation systems to achieve more carbon foot-

print gains.
4. Underground constructions including deep excavations, basement constructions

and tunnels.
5. Ground and rock anchors, micropiles and uplift anchors.
6. Field investigation procedures and subsurface characterisation.
7. Safety in geotechnical constructions such as deep foundations, deep excavation,

grouting and tunnelling.

20.8 Concluding Remarks

This paper attempts to explain the necessity for a geotechnical engineering student
to get familiarised with the field problems and the possible ways of relating it to the
theory taught in the classrooms using some case studies.

The variations in the field due to the complex nature of the soil are not often
represented by the classical theories. There are also the difficulties in incorporating
different influences imparted by the field implementation procedures in the theo-
retical formulations. The evolving of empirical methods, keeping them as close as
possible to the theory was possible by constant interaction between the classrooms
and the field.

Relatively long duration practical training programs suitably structured by the
interaction between the institute and the organisation offering the training shall
improve the quality of a geotechnical engineering graduate.
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Chapter 21
Role of Professional Vigilance in Design
and Construction—A Case Study
of Solar Projects

N. Ranganath, Debasis Sarkar, Surendra Singh Kachuwaha,
Vinaykumar S. Mathad and Saurav Kumar Ghosh

21.1 Introduction

Rapid urbanization, advent of global market, industrial growth, and subsequent
infrastructural development have led to exponential energy needs to be met. In the
present scenario, use of fossil fuels or nonrenewable sources for energy generation
will have adverse effect on environment and mankind as a whole. Climate change is
a derivative of unsustainable use of fossil fuels. To minimize the adverse alteration of
weather phenomenon and related effects, it is imperative to reduce the use of fossils
fuels by sourcing alternate and suitable renewable energy. Tapping freely available
abundant divine solar energy, a nonconventional energy source is one such endeavor
to mitigate the process of climate change. Solar plants minimize greenhouse gas
emissions compared to conventional fossil fuel based power plants. However, solar
power generation requires large tracts of contiguouswastelandswith optimal climatic
conditions.

Realizing the need for nonconventional energy and in order to mitigate the threats
of global warming, in the recent past proactive steps have been taken in setting up
solar power plants across the globe and even in India.

Setting up of solar parks involves in-depth study of suitability of land, environmen-
tal impact, availability of water, and electricity at the site. Accordingly, both macro-
and micro-level planning for various infrastructures of the solar park are developed
including resource allocation and quality assurance. It is to be noted that, during the
course of implementation, i.e., at the time of site selection, reconnaissance survey,
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and survey and investigations including design and construction, various factors have
to be considered simultaneously and cautiously to execute the solar projects.

21.2 Major Components for Setting of Solar Plants

The solar plant shall comprise minimum components [1, 2] as listed below apart
from the panels used in generating solar energy:

(a) Suitable location,
(b) Availability of land at identified location,
(c) Accessibility to location,
(d) Internal road network within plant,
(e) Arrangement of structure with foundation for placing panels,
(f) Drainage facility,
(g) Source of water for plant operation,
(h) Fire station,
(i) Electrical network substation for supply of auxiliary power,
(j) Developed office space for operation,
(k) Residential accommodation for plant staff,
(l) Substation to evacuate power from each subunits in the plant,
(m) Medical assistance,
(n) Telecom network,
(o) Operation and maintenance facility,
(p) Hotels/guest house,
(q) Helpline/assistance for 24/7, and
(r) Provision of green belt.

It is evident that the infrastructure required for the implementation of a solar
plant needs a thorough study of the area comprising various surveys, investigations,
economic design (at the same time, these designs shall be stable enough for various
adverse conditions), and availability of good construction materials for execution.
Apart from this, performance of the project depends on the quality of materials and
construction as obvious for any construction project.

21.3 Role of Professionals in Setting up of Solar Projects

The following aspects of the project need to be addressed to avoid any kind of effect
on solar plant during operations [3, 4].
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• Project Performance
For any project to be commissioned and performed reliably within the stipulated
time, effective project management techniques are required to be in place. There
are simple and effective tools that have proven to be fruitful in the past.

– Deployment of qualified and experienced team in handling the projects of mul-
tidisciplinary nature.

– True and accurate survey and investigation of the site.
– Taking preventive actions during the course of the project with regard to non-
availability of good quality construction materials, timely approvals, local and
administrative issues, etc., and advising the project authority to take preventive
actions at appropriate time.

– Project activities are planned up to the micro-level and are executed from part
to whole, thereby avoiding any duplication and repetition.

– Dedicated and experienced manpower resources for obtaining necessary
approvals/permits well in time.

• Project Integration Management
Projectmanagement integration is considerably a complexmatter/issue, during the
implementation of the solar park. The role of individual and team as a whole and
timely advice during the course of the project will help integration management
to a great extent. The following narration gives briefly, the management of overall
changes, including controlling various aspects during the project execution.

– A detailed scope including the approach and required documents need to be
prepared and discussed with the project authorities. Consequent to the accep-
tance of the same, a comprehensive and detailed master plan shall be prepared
covering all the aspects envisaged in the project document. The master plan
shall then be reviewed, agreed, and accepted by the project authorities, which
forms the subsequent basis for the remaining activities.

– All the details pertaining to topographical survey drawing, geotechnical, and
geological investigation report alongwith levels for drainage planning for proper
integration with the master plan shall be made available.

– During construction, as far as possible, deviation/changes shall be avoided by
the statutory authority and the approving authorities shall be available for inter-
action, consultation on 24/7 basis, especially during commissioning stage.

– The activities shall be monitored by the top management with system of report-
ingprocedure at all levels, besides carryingout surprise andperiodical inspection
to the site. All the above aspects will ensure timely commissioning of the project
with emphasis on quality.

• Project Scope Management
The infrastructure development includes acquisition of government and private
lands, development of approach and internal roads, creation of reservoir for stor-
ing rainwater, rawwater supply, treatment and distribution, smart power evacuation
facility including auxiliary electrical and telecom network, etc., online tracking
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system, development of local manpower by providing in-house training, commu-
nity development, etc.

• Project Time/Schedule Management
A comprehensive planning is required to ensure completion of project in all aspects
without time overrun. This is achieved by having work breakdown structure and
assigning proper time to each activity taking into account the likely factors con-
tributing to delay resulting in time overrun beyond the schedule leading to addi-
tional cost. Hence, a detailed project schedule should be in place to monitor all
the critical activities for ensuring timely completion of project.

• Project Cost/Resources Management
Project cost/resource management shall be undertaken to ensure there is no major
deviation in the estimated cost and, generally, the project is executed within the
budget. The sources for project funding needs to be identified.

• Project Quality Management
The following concepts need to be practiced in order to achieve total quality
management:

– Every person involved must be trained to understand the purpose of the project
and measures in place to achieve the target and quality.

– Improvise implementation practices.
– Identify core team of reliable and competent contractors and award the work
based on competency.

– Have regular meetings with the contractors and the project management team
to address technical and nontechnical issues and try to build a good relationship
between all stakeholders.

– Develop quality standards at a very early stage of the project.
– Address and provide necessary technical assistance to the workforce.

• Project Human Resource Management
Project human resource management includes processes required to make most
effective use of people involved with the project to complete it within the stipu-
lated time limit. The organization of human resource employed for the successful
completion of the project shall be planned well in advance.

• Project Communications Management
An effective communication system shall be established between the parties
involved in the project to avoid any sort of communication gaps leading to delay
in project execution.

• Project Risk Management
Risk management pertaining to external and internal factors likely to affect the
progress of the work shall be dealt carefully. External factors, generally, are unpre-
dictable and thereby not under control but precautions required for such factors
based on the previous experience/data shall be in place.

• Project Contract/Procurement Management
In order to achieve timely completion of the project, the total project shall be
divided into smaller subprojects like internal roads, site development, treatment
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plants, auxiliary power plants, telecom, etc. These subprojects then shall be
awarded to different contractors having expertise in their respective fields.

21.4 Data Collection and Analysis

The solar power plants established in Rajasthan had a major setback. Within 2 years
from the date of commissioning, due to reasons related to investigation, earthwork
filling, lack of supervision, limiting in the codes, etc., leading to a major disaster in
the power plant within a short span of 12–18 months which could have been avoided
with timely vigilance of field engineers and professionals, design engineers, and the
project execution authorities.

21.5 A Case Study on Defective Design, Poor Execution,
and Project Management [5, 6]

21.5.1 Project Location

A State-of-the-art 5.83 MW (DC) solar power project in Bikaner District, Rajasthan
was developed by an entrepreneur/agency who had entrusted the work of entire
project involving engineering, procurement, construction, commissioning including
operation and maintenance to a single Agency (EPC).

21.5.2 Project Condition

The power plant is in operation since the last 3 years. However, during the recent
past (June to October 2015), due to heavy monsoon rains along with gale/heavy
wind (60–90 Kmph), extensive damage to some of the solar panels including the
structure has occurred, resulting in considerable generation loss. Out of the total
structures generating 5.83 MW, approximately structures generating 1.05 MW has
been damaged extensively and most of the remaining structures are in the distress
conditions. The structure is M.S. supporting column fixed on a single pile foundation
[7].

OnMay 19 andMay 27, 2015, the sitewitnessed high-speedwinds. These resulted
in structures to be uprooted from their foundation and were damaged significantly.
The purlins and rafters were damaged beyond repair at certain locations. At cer-
tain areas where the purlins and rafters could not be mended, different ones were
used. Identifying the scale of damage, the owner decided to carry out a detailed
investigation into the failure of structures and utilized the structure consultant’s ser-
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Fig. 21.1 Photos indicating the extent of damage witnessed due to heavy wind

vices to carry out the revised design of foundation and support the module mounting
structures (Fig. 21.1).

21.5.3 Findings and Solutions for Damage

(1) Field Observations after Damage due to Heavy Rain and Wind:

• Terrain of the project area is flat. In order to provide effective drainage, part
of the project site has been filled up and the ground level is raised. The extent
of filling varies between 0.4 and 0.6 m from the original ground level.

• Structures are erected on pile foundation of 300 mm diameter, with a pile cap
of 375 × 375 × 300 mm. The depth of the pile is 1.6 m.

• The effective length of the pile in the original soil (where the land is filled
with borrowedmaterial by 0.4–0.6m) is only 0.9–1.2m in the natural ground.

• Soil exploration details furnished reveals the SBC of 7/m2 under dry condi-
tion.

• Anchorage between the pile and the pile cap was poor and the reinforcement
was not concentric within the pile.

• Length of the foundation bolts was insufficient and MS bolts have been used
instead of E8 bolts.
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• One of the common failures was the shearing of the pile cap at the foundation
bolt level.

• Quality of the concrete work was poor and the cover for the reinforcement
was less.

(2) Modes of Failure:

• Considerable number of panels was uprooted due to the wind force pulling
along with it the supporting steel section, pile cap, and the pile (Fig. 21.1).

• The steel sections were also twisted and the pile cap was separated around
the base of the foundation bolt.

• In majority of the cases, there was no bond between the pile and the pile cap.
• The pile and pile cap were not cast monolithically.
• The depth of the pile is indicated as 1.7 m below formed ground level (FGL).
• The diameter of the pile is 300 mm and provided with 10 mm diameter
reinforcement.

• The wind speed considered is 44.4 m/s and the design wind speed considered
is 160 kmph. This is based on risk coefficient, terrain factor, and topography
factor which are considered as 1. According to wind map given in IS 875,
the Bikaner district of Rajasthan falls under green zone for which the basic
wind speed is 47 m/s. Since the solar park producing solar energy is a power
plant, the risk coefficient for a wind speed of 47 m/s for power plant struc-
tures is 1.07 as per IS 875 (Part-3). Similarly, the terrain coefficient and the
topography factor considered in the modified design are in accordance with
IS 875. Considering the above factors, the design wind speed works out to
177.42 kmph.

• The main reinforcement for a circular pile should be 6 numbers, 12 mm
diameter as per IS 2911 (Part-2) for bored cast-in-situ pile and as per the
same code, the minimum grade of concrete shall be M25 for pile foundation.
In reality, the foundation bolts provided were 4 numbers MS bolts, less than
300 mm long and majority of the pile caps have suffered failure by separation
at this point.

• As per IS 2911 (Part-2), the overhang of the pile cap beyond the pile face
shall be a minimum of 150 mm. Hence, the dimension of the pile cap should
be 300 mm more than the diameter of the pile.

(3) Contributing Factors for the Failure:

• Insufficient embedding of pile in natural soil.
• Lack of integrity in the structure due to absence of monolithic action between
pile and pile cap.

• Lesser value of wind design speed considered than what is applicable for the
area.

• Noncompliance with codal provisions regarding minimum reinforcement in
pile, minimum grade of concrete, and size of pile cap.
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• Diameter, quality, and length of the foundation bolts were found not up to the
standards.

• The client had discussions with representatives of contractor and designer,
wherein the rectification methods were discussed and one of the main criteria
to be satisfied during the process of rectification was to minimize the loss of
power generation andminimizing the time of construction and simultaneously
ensuring the safety and durability of the rectified structure. It was also decided
to utilize the existing materials to the maximum extent possible.

• Poor quality of construction and lack of supervision.
• In view of the bitter experience of the failure and for ensuring safety and
durability of the rectified structure, the following criteria was decided for the
design and execution of rectification proposals duly deliberating all the points
in several meetings.
– Adopting wind load coefficients as per ASCE.
– Adopting single pile structure. Later as per site conditions, decision is
taken to go with single pile foundations in blocks C, D, and E and twin pile
foundation in blocks A, B, and F.

– Providing EN8 bolts instead of M.S. bolts.
– Adopting strict quality control measures during construction.
– Rectification works were carried out accordingly and completed within
the stipulated time satisfying the code requirements and simultaneously
ensuring that the structure is safe against any probable high wind forces.

• The rectification work carried out involved only essential components
required for the safety and durability of the structure besides ensuring mini-
mum generation loss.

(4) Reasons for Failures:

• Inadequate investigation and insufficient data.
• Design not confirming to provisions mentioned in relevant code.
• Poor construction.
• Lack of supervision.
• Insufficient anchorage of the pile.
• Location of some of the piles in filled up soil.
• Inadequate designs and detailing.

(5) Corrective Actions:

• Designs have been carried out considering the depth of foundation to reach
natural ground level.

• Considering the code provision and also as per client suggestions, twin pile
structures have been adopted for 170 structures. For remaining structures,
single pile of 400 mm diameter, 3.5 m deep, and pile cap of 400 mm is
considered.

• Minimum embedment depth of 2.5 m in natural soil is provided.
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Fig. 21.2 Photos indicating the repair, rectification, and maintenance of foundation and module
mounting structure

• Structures have been designed considering site condition and also effect of
moisture in the soil as per code.

• Additional inner reinforcement is provided along with cover blocks to ensure
concentricity of reinforcement.

• EN8 bolts of 6.8 grade having a length of 800 mm have been used.
• Main pile reinforcement has been extended up to top of pile cap with addi-
tional anchorage length of 150 mm. Both pile and pile cap have been casted
monolithically.

• Mix design was carried out and accordingly M25 grade concrete was used.
Required cover was provided using cover block. Strict supervisionwas under-
taken during execution.

(6) Proposed Corrective and Preventive Designs: Upon review of the site condi-
tions and field investigations, it was planned to suggest remedial measures to
ensure restoration of plant for operations. Preventive and corrective designs pro-
posed depending upon the extent of damage witnessed for the module mounting
structures. Two types of designs as detailed below were proposed (Fig. 21.2).

(a) Type A: twin pile corrective foundation and
(b) Type B: single pile preventive foundation.

The comparison of original designwhichwas executed at site andmodified design
after witness of damage due to reason stated above have been presented in Table 21.1.

21.5.4 Review of Proposed Corrective and Preventive Design
by Independent Agency [3]

(1) Review of Type A: Twin Pile Corrective Foundation:

The design forces and design calculations for the foundation were reviewed and
following are the discussions presented by Excelsior Engineering Solution as an
independent agency.

Overview of the Design of Type A Twin Pile:
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Table 21.1 Comparison of design parameters

No. Item (Parameters) As per original designer As per modified design

1 No. of supports per
structure

4 4

2 Reference ground level F.G.L (formed ground
level)

N.G.L (natural ground
level)

3 Embedment of pile in
natural soil

0.7–1.2 m 2.50 m and above

4 No. of piles per support 1 2

5 Diameter of pile 300 mm 350 mm for twin pile
configuration and 400
mm for single pile
configuration

6 Grade of concrete Less than M20 M25

7 Grade of steel Fe-250 Fe-500

8 Reinforcement 6 nos. 10 dia 6 nos. 12 dia

9 Pile cap 375 × 375 × 300 mm Twin pile of 2600 × 600
× 350 mm configuration
and 400 mm diameter pile
with a pile cap of 700 mm
diameter and 600 mm
thick for single pile
configuration

10 Foundation bolt M.S., 300 mm long, 12
dia

EN-8, 400 mm long, 16
diameter

11 Basis for analysis One structure having 3
rows X × 4 columns
module as space frame

One structure having 3
rows X × 4 columns
module as space frame

12 Inclination 25 25

13 Wind velocity 44.4 km/s 47 km/s

14 Design wind speed 160 kmph 177.42 kmph

15 Analysis STAAD. Pro Analytical

16 Wind load coefficients As per IS 875 As per ASCE-7

17 SBC 7 tons/m2 7 tons/m2

(a) Grade of concrete—M25; grade of reinforcement—Fe500.
(b) For each steel column, two piles of 350 mm diameter each at a center-to-center

spacing of 2400 mm; total length of pile in the soil is 3500 mm.
(c) Pile cap 650 mm width, 3050 mm long; 600 mm projected above NGL.
(d) Pile reinforcement: 6 numbers 12 mm diameter bars.
(e) Pile cap reinforcement: 4 numbers 12 mm and 2 numbers 10 mm diameter bars,

both at top and bottom.
(f) Anchor bolts: 6 numbers 16 mm diameter, 450 mm long 6.8 grade anchor bolts

with 400 mm embedment in the concrete.
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(g) Base plate 400 × 400 × 10 mm dimension.

Independent Review of Type A Twin Pile:
An independent design checkwas carried out based on IS 875-3 and the designwas

submitted based on which the following inferences are made. As a combined effect
of the multiple discrepancies in the design calculations, e.g., overestimation of force
calculations and some overestimation of the capacity of piles, the final recommended
twin pile of 350 mm diameter with 3500 mm length inside the soil is found to be
adequate based on the checks carried out. Table 21.2 summarizes the outcome of the
checks for utility ratio of the various actions that the foundation would be subjected
to various actions mentioned.

It is observed that the Type A foundation design is safe, and the margins of safety
are adequate. Prima facie, it might seem that the margins in bending moment are
significantly higher (a utility ratio of 0.13). However, optimizing the pile foundation
for bending moment by reducing either the diameter or depth of the pile would result
in reduction of its uplift capacity, which would result in failure against uplift as well
as affect its lateral deflection as they are correlated.

(2) Review of Type B: Single Pile Preventive Foundation:

The design forces and design calculations for the foundation were reviewed and
following are the discussions presented by Excelsior Engineering Solution.

Overview of the Design Type B Single Pile:

(a) Grade of concrete—M25; grade of reinforcement—Fe500.
(b) 450 mm diameter pile; total length of pile in the soil is 3800 mm.
(c) Pile cap 750 mm diameter; 300 mm in the soil, 300 mm projected above NGL.
(d) Pile reinforcement: 5 numbers 12 mm diameter + 1 number 16 mm diameter

bars.

Table 21.2 Utility ration for Type A foundation

Sl. no Action Demand oneach pile Capacity of one pile
in corrective—twin
pile designa

Utility
Ratio

1 Vertical Bearing
(kN)

12.33 23.97 0.51

2 Uplift (kN) 13.85 25.55 0.54

3 Lateral Deflection
(mm)

4.46 5 OK

4 Bending Moment
(kN-m)

15.24 120.74 0.13

5 Pile reinforcement
(mm2)

384.8 678.6 0.57

6 Anchor bolts Individual 0.89

aAfter applying factor of safety
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Table 21.3 Utility ration for Type B foundation

Sl. no. Action Demand Capacity of preventive
single pile designa

Utility
ratio

1 Vertical bearing (kN) 14.88 58.25 0.26

2 Uplift (kN) 17.93 28.19 0.64

3 Lateral deflection (mm) 4.38 5 OK

4 Bending moment (kN-m) 30.40 197.98 0.15

5 Pile reinforcement (mm2) 636.2 766.5 0.83

6 Anchor bolts Individual 0.51

Combined 0.26

aAfter applying factor of safety

(e) Pile cap reinforcement: 6 numbers 16 mm diameter bars.
(f) Anchor bolts: 6 numbers 16 mm diameter, 900 mm long 6.8 grade anchor bolts

with 700 mm embedment in the concrete and 100 mm L-bend beyond that.
(g) Base plate 350 × 350 × 8 mm dimension.

Independent Review of Type B Single Pile:
An independent design check based on IS 875-3, IS 456 (200), and IS 2911 Part-1

Sect.-2 and considering the missing criteria from the submitted design, the following
can be concluded. As a combined effect of the multiple discrepancies in the design
calculations, e.g., overestimation of force calculations, some overestimation of the
capacity of piles, and some underestimation of the capacity, the final recommended
single pile of 450 mm diameter with 3800 mm length inside the soil is found to be
adequate based on the checks carried out. Table 21.3 summarizes the outcome of the
checks for utility ratio of the various actions that the foundation would be subjected
to utility ratio for various actions of the foundation.

It is observed that the Type B foundation design is safe and the margin of safety
considered is adequate. It may seem that the margins in bending moment are very
high (a utility ratio of 0.15). However, optimizing the pile foundation for bending
moment by reducing either the diameter or depth of the pile would result in reduction
of its uplift capacity, whichwould result in failure against uplift as they are correlated.

(3) Outcome of Independent Review:

• A detailed review of the foundation Type A: Twin pile corrective as per the
ASCE and several IS codes as indicated, revealed that the designed founda-
tions are safe. The margins of safety considered for the design of foundation
are adequate for a safe operational life of the project. The anchor bolts utilized
are adequate to withhold as well as transmit the forces acting on them as per
IS-456.

• A detailed review of the foundation Type B: Single pile preventive as per the
ASCE and several IS codes as indicated, revealed that the designed founda-
tions are safe. The margins of safety considered for the design of foundation



21 Role of Professional Vigilance in Design and Construction … 453

are adequate for a safe operational life of the project. The anchor bolts utilized
are adequate to withhold as well as transmit the forces acting on them as per
IS-456.

21.6 Conclusion

A detailed study of available data is carried out along with a thorough investigation
and identification of the causes for failure of the structure (foundation). The validation
and simulation of actual data with respect to the site condition across and verification
of the codes and practices followed by international standards, strict vigilance at the
time of project execution has led to successful re-commissioning of the project in a
record time. The remedy measures though effective overshoots the initial budget as
the improvisation and unforeseen scenarios like the heavy winds in Bikaner led to
more cost. Proper planning and insight about the issues would have helped prevent
the disaster in the first place which is now repaired at an additional cost. Furthermore,
the project was monitored for one complete year including the peak disaster time
and found that the alternative design and execution suggested by the professional is
effective and has substantially validated their forecasting and the adopted approach
is found to be beneficial.
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