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Preface

The 4th GeoShanghai International Conference was held on May 27–30, 2018, in
Shanghai, China. GeoShanghai is a series of international conferences on
geotechnical engineering held in Shanghai every four years. The conference was
inaugurated in 2006 and was successfully held in 2010 and 2014, with more than
1200 participants in total. The conference offers a platform of sharing recent
developments of the state-of-the-art and state-of-the-practice in geotechnical and
geoenvironmental engineering. It has been organized by Tongji University in
cooperation with the ASCE Geo-Institute, Transportation Research Board, and
other cooperating organizations.

The proceedings of the 4th GeoShanghai International Conference include eight
volumes of over 560 papers; all were peer-reviewed by at least two reviewers. The
proceedings include Volumes 1: Fundamentals of Soil Behavior edited by
Dr. Annan Zhou, Dr. Junliang Tao, Dr. Xiaoqiang Gu, and Dr. Liangbo Hu;
Volume 2: Multi-physics Processes in Soil Mechanics and Advances in
Geotechnical Testing edited by Dr. Liangbo Hu, Dr. Xiaoqiang Gu, Dr. Junliang
Tao, and Dr. Annan Zhou; Volume 3: Rock Mechanics and Rock Engineering
edited by Dr. Lianyang Zhang, Dr. Bruno Goncalves da Silva, and Dr. Cheng Zhao;
Volume 4: Transportation Geotechnics and Pavement Engineering edited by
Dr. Xianming Shi, Dr. Zhen Liu, and Dr. Jenny Liu; Volume 5: Tunneling and
Underground Construction edited by Dr. Dongmei Zhang and Dr. Xin Huang;
Volume 6: Advances in Soil Dynamics and Foundation Engineering edited by
Dr. Tong Qiu, Dr. Binod Tiwari, and Dr. Zhen Zhang; Volume 7: Geoenvironment
and Geohazards edited by Dr. Arvin Farid and Dr. Hongxin Chen; and Volume 8:
Ground Improvement and Geosynthetics edited by Dr. Lin Li, Dr. Bora Cetin, and
Dr. Xiaoming Yang. The proceedings also include six keynote papers presented at
the conference, including “Tensile Strains in Geomembrane Landfill Liners” by
Prof. Kerry Rowe, “Constitutive Modeling of the Cyclic Loading Response of Low
Plasticity Fine-Grained Soils” by Prof. Ross Boulanger, “Induced Seismicity and
Permeability Evolution in Gas Shales, CO2 Storage and Deep Geothermal Energy”
by Prof. Derek Elsworth, “Effects of Tunneling on Underground Infrastructures” by
Prof. Maosong Huang, “Geotechnical Data Visualization and Modeling of Civil

v



Infrastructure Projects” by Prof. Anand Puppala, and “Probabilistic Assessment and
Mapping of Liquefaction Hazard: from Site-specific Analysis to Regional
Mapping” by Prof. Hsein Juang. The Technical Committee Chairs, Prof. Wenqi
Ding and Prof. Xiong Zhang, the Conference General Secretary, Dr. Xiaoqiang Gu,
the 20 editors of the 8 volumes and 422 reviewers, and all the authors contributed to
the value and quality of the publications.

The Conference Organizing Committee thanks the members of the host orga-
nizations, Tongji University, Chinese Institution of Soil Mechanics and
Geotechnical Engineering, and Shanghai Society of Civil Engineering, for their
hard work and the members of International Advisory Committee, Conference
Steering Committee, Technical Committee, Organizing Committee, and Local
Organizing Committee for their strong support. We hope the proceedings will be
valuable references to the geotechnical engineering community.

Shijin Feng
Conference Chair

Ming Xiao
Conference Co-chair
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A Method of Surface Subsidence Prediction
for Compressed Air Energy Storage

in Salt Rock

Zirui Cheng1 and Bin Ye1,2(&)

1 Tongji University, Siping Road 1239, Shanghai 200092, China
2 State Key Laboratory of Geohazard Prevention
and Geoenvironment Protection, Chengdu, China

yebin@tongji.edu.cn

Abstract. Renewable energy resources are usually intermittent and unstable.
Compressed air energy storage (CAES) provides a good solution to address this
problem. Underground air storage caverns are an important part of CAES. Salt rock
is known for its excellent flexibility and its extremely low porosity and perme-
ability. During the operation of salt rock underground gas storages, surface sub-
sidence above underground gas caverns would be generated due to the volume
shrinkage of salt rock caverns. In this paper, a method to predict the subsidence
above salt rock storage cavern is proposed. Firstly, using the finite-difference
program Flac3D, the volume loss of the cavern caused by creep shrinkage of salt
rock was calculated. Secondly, Schober’s model was applied for deformation
prediction of storage caverns in salt rock. Finally, surface subsidence was calcu-
lated. The method was applied to the Jintan under-ground gas storage in salt rock,
the surface subsidence for 20 years operation was calculated, and the impact of the
facilities on the ground settlement was effectively accessed.

Keywords: Compressed Air Energy Storage � Salt rock
Subsidence prediction � Numerical simulation

1 Introduction

Power generation technologies with renewable energy sources, such as wind, solar,
tidal and waves, have been developing rapidly in recent years. These renewable
energies play an important role in mitigating global warming and preventing envi-
ronmental pollution. However, the generating capacities of renewable energy systems
are limited by naturally occurring conditions, such as that they only produce electricity
intermittently with low power and energy densities [1]. Large-scale energy storage
technologies convert electrical energy into a form that can be stored for later conversion
into electrical energy as needed [2] and thus can overcome the problem of intermittency
to make renewable energy sources more stable and reliable. Compressed air energy
storage (CAES) is a commercial, utility-scale technology that is suitable for providing
long-duration energy storage. Compared with other energy storage systems [3], CAES
can provide a large-scale energy storage of hundreds-of-MW and has a relatively high
efficiency (66%–82%) [4].

© Springer Nature Singapore Pte Ltd. 2018
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Underground storage caverns are the key component of CAES power plants that
determine their operating efficiency and reliability. From the engineering perspective,
salt formations are considered as suitable repository media since they are assumed to be
impervious to fluids. Salt rock permeability can be lower than 10−20 m2, and salt has
excellent creep and damage self-healing behavior [5], which can ensure the tightness of
the storage caverns. Therefore, CAES in salt caverns should be an ideal solution to
ensure the safety, stability, and economic operation of the power network in these
areas.

Even though rock salt has many advantages for compressed air storage, it still has
some inevitable disadvantages, particularly the deformations even when subjected to
very low deviatoric stress [6]. After leaching a cavern, the internal brine pressure or gas
pressure is always lower than the in-situ stresses, thus larger deviatoric stresses develop
in the vicinity of the cavern due to stresses redistribution and then continuous shrinkage
of the volume will be induced. The induced deformation of the strata around and
overlying the cavern gradually transfers to the ground surface and then results in
vertical subsidence and horizontal movement.

Many studies have been launched to predict the subsidence above underground
storage caverns. The main research methods consist of field measurements, theoretical
methodology and numerical simulations. Bérest and Brouard [7] and Fokker and Visser
[8] launched underground field subsidence monitoring for underground gas caverns. It
indicates that the surface subsidence persists very long and is a very slow process and
has proportional relation with the volume loss of the cavern. Sroka and Hejmanowski
[9] improved the Knothe model and proposed a double parameter time dependent
model for the subsidence prediction induced by solid mining. Hu et al. [10] established
a new evaluation parameter model of Knothe function for surface subsidence
prediction.

In this paper, using the finite-difference program Flac3D, the volume loss of the
cavern caused by creep shrinkage of salt rock was calculated, then Schober’s model
was applied for deformation prediction of storage caverns in salt rock.

2 Method to Predict the Subsidence Above Salt Rock Storage
Cavern

According to the studied launched by many researchers, the surface subsidence above
underground gas caverns was mainly caused by the volume shrinkage of salt rock
caverns. Therefore, the method to predict the subsidence above salt rock storage cavern
can be divided two parts: method to calculate the volume loss of the cavern caused by
creep shrinkage of salt rock and method to calculate the surface subsidence.

2.1 Method to Calculate the Volume Loss of Storage Cavern

The creeping shrinkage of a salt cavern is induced by the rheology of rock salt. The
creep characteristic of salt rock is very complex, a large number of creep constitutive
models have been developed. The creep of salt rock can be divided into two states:

4 Z. Cheng and B. Ye



initial creep state and steady creep state. The creep constitutive models can be
expressed as:

e ¼ ei þ es ð1Þ

where e is total creep, ei is initial creep and es is steady creep. For the cavern under
operating period, steady state creep phase is considered as the constitutive model of
rock salt. Norton-Hoff (power) Law is used to describe the steady state creep of rock
salt, that is

_es ¼ A
r1 � r3

r�
� �n

ð2Þ

where A and n are creep parameters, r1 and r3 are the maximum and the minimum
stresses, respectively; r� is unit stress. In this paper, the volume loss of storage cavern
was calculated by the creep deformation of salt rock, and the deformation was obtained
by the finite-difference program Flac3D.

2.2 Method to Calculate the Surface Subsidence

Schober indicated that a mining space would be left after the underground seam was
exploited, and surface subsidence was the result of the spread of mining space to the
surface, this means the existence of mining space is the root cause of surface subsi-
dence. The propagation of surface subsidence caused by exploitation of underground
seam can be described by Fig. 1, where b is angle of influence range, ru is influence
radius, Z0 is the height of the top of the salt cavern from the ground, Zu is the height of
the bottom of the salt cavern from the ground. The surface subsidence function caused
by exploitation can be expressed as:

SðX; Y ; ZÞ ¼
ZZZ

X
Qðn; f; gÞFðX; Y ; ZÞdX ð3Þ

Fig. 1. Influence diagram of surface subsidence caused by volume shrinkage of salt rock
underground gas storage
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where Qðn; f; gÞ and FðX; Y ; ZÞ are the subsidence root function and propagation
influence function, respectively, which will be expressed in the following text.

We assume that the initial volume of salt cavern is V0 and the volume after the final
surface subsidence is VEnd

S . Therefore, the volume shrinkage of salt cavern k can be
expressed as:

k ¼ VEnd
S

V0
¼

1
3 p r

2
uS

End
max

V0
ð4Þ

where ru ¼ Zu � cot b, SEndmax can be expressed as:

SEndmax ¼ k
3V0

pZ2
u
tan2b ð5Þ

In this paper, Knothe function is used as propagation influence function:

FðX; Y ;ZÞ ¼ 1
r2z
expð�p

r2

r2z
Þ ð6Þ

where r is horizontal distance of calculated point from the salt cavern, rz is radius of
scattering of exploitation influences. When considering the surface, rz ¼ ru ¼
Zu � cot b.

According to the geometric shape of underground salt rock mining space, a suitable
subsidence root function was selected. Underground salt cavern generally uses ellip-
soidal structure, thus the salt cavern exploitation volume function used in this paper is:

dV ¼ pB2 1� Z � Zuð Þ2
A2

" #
dz ð7Þ

where A and B are the long axis and short axis of the ellipsoid, respectively.
Converts the coordinate system of Eq. (3), we can get:

SðdÞ ¼ SEndmax

Z Zu

Z0

FðX; Y ; ZÞdV ð8Þ

Submitting (5), (6) and (7) into (8), we can get the expression of surface subsidence
induced by shrink of elliptic salt cavern:

SðdÞ ¼ k
3V0 � B2

Z2
u

tan2b � 1
r2z
expð�p

r2

r2z
Þ
Z Zu

Z0

1� Z � Zuð Þ2
A2

" #
dz ð9Þ
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3 Application of the Schober Model for Surface Subsidence
Prediction

3.1 Calculation Results of the Volume Loss of Storage Cavern

Finite-difference program Flac3D was used to calculate the volume loss of the cavern
caused by creep shrinkage of salt rock. The thickness of the salt rock is assumed to be
250 m, the upper and lower cap rocks are mudstones, the depth of salt rock is 800 m.
When calculating, the viscoplastic constitutive model Cpower was adopted in
FLAC3D. This model combines the behavior of the viscoelastic two-component
Norton power law and the Mohr–Coulomb elastoplastic models. The parameters of salt
rock and mudstone were taken from the measured values of Jintan salt rock gas storage
cavern, the specific parameters are shown in Table 1.

The size of the salt cavern and the pressure of the gas storage are determined
according to the operating parameters of a 50 MW proposed compressed air energy
storage power station, the maximum storage pressure in the salt cavern is 10 MPa. The
calculation mode is divided into four steps: firstly, initial stress balance; secondly, salt
cavern excavation and stress redistribution; thirdly, an internal pressure of 10 MPa was
applied; and finally, creep calculation.

Figure 2 presents the evolution of volume shrinkage ratio of salt cavern in 20 years
when the storage pressure is 10 MPa. This figure indicates that the volume shrinkage
ratio increases as operate time increases. In 20 years, the volume shrinkage ratio
increases from 0 to 31.71%.

Table 1. Material parameters used for the numerical simulation

E(GPa) l u C(MPa) rt(MPa) q(kg/m3) A n

Mudstones 28 0.2 50 2.2 1.5 2600 1.55 � 10−4.2 3.8
Salt rock 13.8 0.3 42 1.4 1 2300 3.48 � 10−5.9 4.35
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Fig. 2. Evolution of volume shrinkage ratio in 20 years
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3.2 Surface Subsidence Prediction

Submitting the volume shrinkage ratio obtained from numerical calculation into the
expression of surface subsidence prediction (Eq. (9)), we can get surface subsidence
induced by shrink of salt cavern.

Figure 3 presents the subsidence curve after 20 years’ operation. The curve is
funnel-shaped, it indicates that the range of surface subsidence induced by shrink of
salt cavern is relatively large, the influence radius is about 1400 m, the maximum
subsidence point is located above the storage cavern and the settlement is about
8.7 mm. Figure 4 shows the subsidence curves of different operating years. With the
increase of operate time, the maximum subsidence increases. The influence radius of
the range of surface subsidence is all about 1400 m, the farther from the center point,
the smaller the difference between the settlement is.

-1500 -1000 -500 0 500 1000 1500

-10

-8

-6

-4

-2

0

V
er

tic
al

 su
bs

id
en

ce
 (m

m
)

Horiontal distance (m)

Fig. 3. Subsidence curve after 20 years’ operation
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4 Influence of Different Storage Pressure on Surface
Subsidence

Generally speaking, the storage pressure of a CAES underground storage cavern is
variable, it is determined by the power of the CAES plant and stability of the under-
ground storage cavern. Thus, the Influence of different storage pressure on surface
subsidence is studied in this section. Three different storage pressures: 6 MPa, 10 MPa
and 14 MPa are selected to calculate the volume shrinkage ratio and surface subsi-
dence. The calculation results are shown as following.

Figure 5 presents the evolution of volume shrinkage ratio of salt cavern in 20a
under three different storage pressures. It can be found that the volume shrinkage ratio
decreases as the increasing of storage pressure. The volume shrinkage ratio after
20 years is 40.69% when storage pressure is 6 MPa, while the volume shrinkage ratio
is 31.71% and 23.46 when storage pressure is 10 MPa and 14 MPa, respectively. This
indicates that, deformation of the storage cavern will reduce due to the increased
storage pressure.
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Fig. 5. Evolution of volume shrinkage ratio in 20 years under different storage pressure.
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Figure 6 presents the subsidence curve after 20 years’ operation under different
storage pressure. The curves are all funnel-shaped, and the influence radius is about
1400 m, the maximum subsidence point is located above the storage cavern. The
vertical subsidence decreases as the increasing of storage pressure. The maximum
subsidence under a storage pressure of 6 MPa, 10 MPa and 14 MPa is 11.21 mm,
8.73 mm and 6.45 mm, respectively. This indicates that the surface subsidence can be
reduced by increasing storage pressure.

5 Conclusion

In this paper, the surface subsidence is regarded as the result of the spread of the mining
space to the surface and the subsidence is predicted by the integration of subsidence
root function and propagation influence function, through these, the calculation method
of surface subsidence caused by salt cavern shrinkage is established, and this method is
applied to the Jintan underground gas storage in salt rock. The calculate results indicate
that:

(1) This method can effectively predict the surface subsidence above salt caverns.
(2) The subsidence curve is funnel-shaped, the maximum subsidence point is located

above the storage cavern, the influence radius of the range of surface subsidence is
about 1400 m.

(3) With the increase of operate time, the maximum subsidence increases. After
20 years, the maximum subsidence reaches 8.7 mm.

(4) The surface subsidence can be reduced by increasing storage pressure.
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Abstract. Considering the difficulty in measuring the model I fracture tough-
ness of rocks, this study aims to develop a quantitative relationship between
model I fracture toughness and strength parameters such as the tensile strength,
the uniaxial compressive strength, and the Hoek-Brown (H-B) strength
parameter mi. Based on the collected experimental data from the literature, a
relationship between model I fracture toughness and tensile strength is derived
statistically. The rock tensile strength can be determined using a closed-form
relationship from the uniaxial compressive strength and the H-B strength
parameter mi, which can be easily measured. Combining the two relationships, a
new method is proposed to determine the model I fracture toughness conve-
niently. Finally, collected experimental data is used to validate the proposed
estimating method.

Keywords: Rock mode I fracture toughness � Uniaxial compressive strength
Tensile strength � Hoek-Brown parameters mi � Estimating method

1 Introduction

Brittle and semi-brittle fractures of rock are widespread geological structures of the
crustal surfaces, and are important objects of researches in many fields, such as
engineering geology, prospecting engineering, rock masses engineering, etc. The
fracture toughness is a commonly mechanical index which is applied to characterize the
resistance of instability expansion of inner cracks and the fracture damages of materials
[1]. The evaluation of fracture toughness is a controlling factor for the rocks crack
initiation, crack propagation and crack linkage [2]. Rocks are under the condition of
compressive-shear stress commonly [3], and the compound compressive-shear fracture
in crack propagation is categorized as the open mode, which is also known as mode I
crack propagation [4, 5]. Other two crack propagation modes, which are slip mode
(mode II) and tearing mode (mode III), are essentially the secondary phenomena during
the expansion of mode I crack initiation [6]. Therefore, the measurement of mode I
fracture toughness (KIc), which reflects the resistance to opening mode crack propa-
gation of materials, is becoming concerned increasingly.

Several experimental methods for KIc such as three-point bend, short round bar,
Brazilian disc, have been suggested by the International Society for Rock Mechanics
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and Rock Engineering (ISRM) so far. The tests and analyses on static, dynamic fracture
toughness have been carried out to determine KIc for different kinds of rocks [6].
Although the test procedures are standardized, the fracture toughness tests are still not
widespread yet. That is because of the lengthy sample preparation time, premature
failure of samples, and difficulties in obtaining the consistent notch dimensions of the
tolerances specified [7]. The values of KIc obtained by different testing methods and
sample types are often different. So as to seek an alternative method to determine KIc,
some researchers have tried to obtain the correlations between KIc and rock tensile
strength based on the mathematical statistical methods.

However, the rock tensile strength can be measured with tests, which are very
difficult to operate and very discrete. Colak and Unlu established an empirical rela-
tionship between the H-B strength parameter mi, the indirect tensile strength rtB and the
uniaxial compressive strength rc [8]. mi is one of the empirical parameters in H-B
strength criterion which is the most widely used rock criterion. According to the
engineering experience of laboratories and engineering sites, Hoek et al. proposed a
relatively comprehensive method to determine mi covering a variety of rock types [9].
Because it is easily to obtain mi and rc, and the tensile strength rt can be derived
conveniently.

Therefore, it is meaningful to seek a quantitative correlation between KIc and rock
strength parameters to replace the experimental method. Based on experimental data
from published literature, the relationship between KIc and rt is improved statistically.
Then a new estimating relationship for rt is obtained by mi and rc, which can be easily
measured. Combined the two relationships, a new method for estimating KIc based on
mi and rc is proposed. Finally, collected experimental data is applied to validate the
proposed estimating method.

2 A Relationship Between Rock Fracture Toughness
and Tensile Strength

Based on the maximum circumferential tensile stress theory, the crack started to expand
when the circumferential tensile stress reached the critical value KIc [10]. Whittaker
et al. [11] concluded that the maximum principal stress theory can well explain the
fracture characteristics of rocks. Deng et al. [6] applied the theory of maximum cir-
cumferential tensile stress to solve the mode I fracture problems. Theoretical studies
proved a reliable relationship between KIc and rt is existed, which is expressed as
follows:

KIc ¼ rt
ffiffiffiffiffiffiffiffi
2pr

p
ð1Þ

where KIc is the mode I fracture toughness (MPa∙m1/2). rt is the rock tensile strength
(MPa). r is the crack propagation radius (m), which is a constant [10, 12].

Based on the experimental results of different rock types, a variety of empirical
relations which can reflect the relationship between KIc and rt have been established.
Table 1 lists some empirical relationships given by statistical methods. The experi-
mental results show that there is a good linear relationship between KIc and rt.
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In order to improve the accuracy of the relationship, more experimental data [11,
13–15] are collected, as shown in Table 2.

According to the above collected data of KIc and rt, the linear function model is
re-fitted and analyzed, and the lines of up and down envelopes will also be obtained.
The newly fitted results are shown in Eq. (2) and Fig. 1. From the theoretical derivation
of Eq. (1), when rt is 0, KIc should also be equal to 0. So the intercept of KIc and rt is
set to 0.

rt ¼ aKIc; a ¼ 6:872 ð4:58�10:65Þ ð2Þ

More than 90% of the data points in Fig. 1 scatter above the down envelope line
and below the up envelope line. The line of slope 6.872 in Fig. 1 represents the average
trend line with a good correlation coefficient maximally.

Table 1. The empirical relationships of KIc and rt

Literatures Equations

Deng et al. [6] rt = 8.23 KIc

Zhang [7] rt = 6.88 KIc

Whittaker et al. [11] rt = 9.35 KIc − 2.53

Table 2. Collected testing data of KIc and rt

Rocks KIc (MPa�m1/2) rt (MPa) Rocks KIc (MPa�m1/2) rt (MPa)

Marble [11] 2.680 17.30 Sandstone [15] 0.380 3.34
2.260 15.40 0.370 3.30
2.020 13.90 0.450 3.70
1.700 12.10 0.460 3.45
1.440 10.00 0.452 3.40

Sandstone [13] 0.490 3.62 0.425 3.16
0.440 3.27 0.390 3.00
0.418 3.17 0.385 2.96
0.377 2.80 0.351 2.72
0.345 2.57 0.333 2.69
0.328 2.46 0.439 3.23
0.298 2.16 0.416 3.08

Marble [14] 0.967 10.33 0.362 2.77
1.482 4.59 0.329 2.61

Sandstone [15] 0.670 5.09 0.294 2.48
0.280 2.65 0.276 2.43
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3 A Relationship for Rock Tensile Strength Based
on Uniaxial Compressive Strength and H-B
Strength Parameter mi

The empirical parameter mi from the H-B strength criterion reflects the hardness degree
of different types of rocks and can be determined by a guiding chart conveniently [9].
The accurate value of mi requires a series of rock mechanics tests and the mathematical
method is used to fit the rock triaxial compression experimental results. A series of
studies of parameter mi has been conducted, and the empirical relations between H-B
strength parameter mi and the indirect (or direct) tensile strength rtB (or rt), triaxial
compression strength rc are concluded [8, 16–18].

Owing to that H-B strength parameter mi is distributed between 2 and 35
approximately for the various rock types, the empirical equations proposed by Colak
and Unlu [8] and Richards and Read [16] cannot predict effectively when mi value is
relatively larger or smaller. The empirical formula proposed by Cai [18] contains crack
initiation strength rci, which is a strength parameter obtained in the rock uniaxial
compression test. Although the value of rci can be measured using the acoustic
emission equipment, rci is not widely spread in engineering practice. Table 3 lists some
of the empirical relations obtained by the statistical method.

From the empirical relationships in Table 3, it can be observed that different
researchers have tried to derive the relationships for mi based on rc/rt and rt/rc, but the
specific equations are quite different. Similarly two coefficients a and b are introduced
for rc/rt and rt/rc respectively, as shown in Eq. (3). A new estimating equation can
reflect the relationship between mi, the uniaxial compressive strength and tensile
strength with better accuracy.

σt = 6.872KΙc

σt = 4.58KΙc

σt = 10.65KΙc
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Fig. 1. Improved relationship between KIc and rt
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mi ¼ arc=rt � brt=rc ð3Þ

According to more 100 groups experimental data of the rock uniaxial compressive
strength and tensile strength collected from [18–21], the Eq. (3) is fitted by the least
square method. rt/rc and rc/rt are considered as the independent variables, and mi is
considered as the dependent variable. The fitting results are that a equals to 1.318 and
b equals to 4.586. The new equation is expressed as follows.

mi ¼ 1:318rc=rt � 4:586rt=rc ð4Þ

Using the Eq. (4), rt can be determined indirectly by rc and mi, while mi and rc are
easily measured. In order to determine a more accurate rt, several triaxial compression
tests are required to obtain an exact value of mi (Fig. 2).

Table 3. The empirical relationships between mi and rock strength parameters

Equations Notes

mi = rt/rc − rc/rt [8] rt is positive when the stress is compressive
mi � R = rc/|rt| [16] mi is consistent with the ratio of R
mi = 16rtB/rc − rc/rtB [17] rtB is obtained by Brazilian disc
mi � 8 or 12rc/rci [18] 8 is valid for low confining pressure to tensile state, 12 is valid

for high confining pressure; rci is the crack initiation strength
in rock uniaxial compression test
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4 Validation of a New Method for Estimating KIc

4.1 A New Method for Estimating KIc

Combined with the Eqs. (2) and (4) established in Sects. 2 and 3, a new method for
estimating KIc simply from rc and mi are proposed, as shown in Eq. (5).

KIc ¼ �rcðmi �
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
m2

i þ 25:601
q

Þ=66:741 ð5Þ

With the new method, the estimated KIc can be determined conveniently according
to Eq. (5). Only two input parameters rc and mi are required, which are obtained by
conducting the uniaxial compressive test or several rock triaxial compression tests.

4.2 Validation of the New Estimating Method

A number of testing data [6, 22–27] are applied to Eq. (5) to validate the accuracy. The
empirical parameter mi is determined according to the texture and mineral composition
descriptions [9]. rt is calculated by substituting rc and mi into Eq. (4), and then the
value of KIc and the slope of the up and down envelope lines are calculated by
substituting rt into Eq. (2). Meanwhile, calculation errors of KIc are listed and evalu-
ated. Or rc and mi are directly substituted into Eq. (5) to determine the value of KIc.
The calculation results of the new estimating method are shown in Table 4. It can be
concluded that the predicted values of the fracture toughness KIc estimated by Eq. (5)
have relatively good precision. All the measured values are distributed in the intervals
of the up and down envelope lines.

Table 4. Calculation results by the new estimating method

Rock type rc
(MPa)

Measured KIc

(MPa�m1/2)
mi Calculated KIc

(MPa�m1/2)
Error of
KIc (%)

Sandstone [6] 56.31 0.37 21 0.507 (0.327–0.761) 37.03
46.17 0.30 20 0.436 (0.281–0.654) 45.33

Ore [22] 53.10 1.56 7 1.303 (0.840–1.954) −16.47
Marble [22] 62.70 1.59 8 1.377 (0.889–2.066) −13.40
Granite [23] 150.00 0.734 35 0.818 (0.528–1.227) 11.44
Sandstone [23] 50.00 0.395 21 0.450 (0.291–0.676) 13.92
Migmatite [23] 60.00 0.320 32 0.357 (0.231–0.536) 11.56
Porphyritic
granite [24]

177.00 0.88 34 0.993 (0.641–1.490) 12.84
195.00 0.85 35 1.063 (0.686–0.595) 25.06
220.00 0.80 35 1.199 (0.774–1.800) 49.88
173.00 0.95 34 0.971 (0.626–1.456) 2.21

(continued)
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5 Conclusions

In the paper, a new method for estimating KIc based on the empirical H-B strength
parameter and uniaxial compressive strength is proposed. Some conclusions are listed
as follows.

(1) With the relationship of mi = 1.318rc/rt − 4.856rt/rc, rock tensile strength rt can
be estimated by the H-B strength parameter mi and uniaxial compressive strength,
which can be easily measured.

(2) The empirical relationship between mode I fracture toughness KIc and rock tensile
strength can be expressed as rt = 6.872KIc. The expressions of up and down
envelope lines are also gave.

(3) Using the new estimating method of KIc ¼ �rcðmi �
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
m2

i þ 25:601
p

Þ=66:741,
KIc can be estimated directly by the H-B strength parameter mi and the uniaxial
compressive strength of the rocks with relatively good accuracy.
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Abstract. Natural rock contains many complicated defects in different scales,
resulting in reduction of strength and various special mechanical characteristics,
e.g. discontinuous, anisotropic behavior etc. In order to investigate the strength
and deformation properties of rock samples containing pre-existing single fis-
sure, a series of three-dimensional (3D) numerical simulations of uniaxial
compression and triaxial compression tests on the sandstone specimens were
carried out with the Distinct Element Method (DEM), in which a new 3D bond
contact model incorporating rolling and twisting resistances was implemented to
reproduce the mechanical characteristics of sandstone during the tests. The
influence of flaw inclination and confining pressure were investigated from
macroscopic and microscopic perspectives. The numerical results demonstrate
that the mechanical characteristics of the fissured sandstone samples are in good
agreement with experimental results. The confining pressure has a remarkable
effect on peak strength and deformation properties of pre-fissured sandstone
samples. With confining pressure increasing, the peak strength and the defor-
mation modulus increase. The pre-existing fissure reduces the strength com-
pared to intact rock samples and the reduction extent of peak strength decreases
with increasing fissure angle. The present research is helpful to improve the
understanding of fracture mechanism of engineering rock and rock structures.

Keywords: Triaxial strength � Failure behavior � Sandstone
Fissure � DEM

1 Introduction

As a kind of complicated geological materials, natural rock contains many disconti-
nuities such as joints, fissures, faults, etc., which significantly influence the strength,
deformation, failure mode, crack propagation, etc. [1]. In order to deepen understanding
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on mechanical behavior of fractured rock, efforts have been made in the past couple of
decades. Among them, rock samples containing single fissure have been widely
employed as a simplified and feasible way to experimentally study the effect of fissures
on mechanical behavior of different kinds of rock samples, such as marble [2], sandstone
[3] and limestone [4], or rock-like material as resin [5]. Fissure geometry is often treated
as an important issue. Lee and Jeon [6] systematically studied the effect of fissure angle
on crack initiation and coalescence of three types of samples (poly methyl meth acrylate,
gypsum and granite) under uniaxial compression. Yang and Jing [7] investigated the
strength failure and crack coalescence behavior of sandstone containing a single fissure
with different lengths. But most of them are limited to uniaxial compression stress state.

It is widely acknowledged that rock material is always under three-dimensional
stress naturally and under complex loading conditions in engineering practice. There-
fore, it’s important to investigate mechanical behavior of fissured samples under triaxial
tests. Because of the limitation of experiment apparatus and complicated test process,
only a few works have been reported [8, 9]. Although different observation methods,
such as acoustic emission (AE) and X-ray computed tomography (CT), have been
developed to great extent, essential cracking and damage process cannot be accurately
acquired from physical tests. Distinct Element Method (DEM) is an available numerical
method to provide macroscopic information such as mechanical behavior, and micro-
scopic information at the grain scale level, which may help to improve the understanding
of cracking and fracture mechanism of pre-fissured rock [10, 11].

This study aims to investigate the macro and micro-scale mechanical response of
sandstone samples containing a single fissure with four inclination angles under uni-
axial and triaxial compression. Four uniaxial tests and eight triaxial tests were carried
out on the DEM samples using a novel 3D bond contact model incorporating rolling
and twisting resistances. The stress-strain curves of samples under different confining
pressures were analyzed in detail and the influence of the fissure angle on peak strength
and deformation properties was presented. Finally, the growth of broken bonds was
examined in both uniaxial and triaxial tests, which helps to explain the differences of
macroscopic mechanical responses from microscopic points.

2 DEM Modeling

2.1 Contact Model

Rock is a typical cementitious geotechnical media which can be represented as an
assembly of mineral grains and bond contacts between them. In the DEM, the
mechanical behavior of rock is controlled by the properties of contacts between
adjacent particles. The three-dimensional contact model used in this paper consists of
two parts, particle contact and bond contact. A 3D particle contact model incorporating
rolling and twisting resistances together with normal and tangential interaction has been
developed by Jiang et al. [12]. The model was theoretically derived in a clear physical
scenario which allows only two additional parameters, i.e. shape parameter b and local
crushing parameter fc to be introduced in order to incorporate complete rolling and
twisting resistances. Figure 1 shows the mechanical responses of the particle contact
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model in four directions where Fn, Fs, Mt and Mr are normal force, shear force, torque
and rolling moment respectively. Kn, Ks, Kt and Kr denote normal, tangential, twisting
and rolling stiffnesses respectively and the peak resistances in the shear, rolling and
twisting directions are controlled by the normal force multiplied by corresponding
coefficients.

Bond contact between adjacent particles is envisioned as an ideal elastic-brittle
beam with its ends located at the particle centers. If the combined actions of shear
force, rolling moment and torque exceed the failure envelops, the bond breaks with its
behavior controlled by the model shown in Fig. 1. The bond failure criterion used in
this paper was developed by Li et al. [13] by simplifying the 3D bond failure criterion
proposed by Shen et al. [14]. The failure criterion can be expressed by a ellipsoid in the
Fs-Mr-Mt space as

Fs

Rs

� �2

þ Mr

Rr

� �2

þ Mt

Rt

� �2
" #

¼ 1 ð1Þ

where Rs denotes shear strength and Rr(Rt) denotes rolling (torsion) strength of the
bonded contact.

2.2 Generation of Pre-fissured Sandstone Samples

The DEM sandstone sample aims to match Berea Sandstone [15], so the particle size
distribution used in the numerical assemblies was determined according to the
micro-computed tomography images of Berea Sandstone from Bera et al. [16]. The
sample with an initial void ratio of 0.8 consists of 40,000 particles and the length:
width: height is 1:1:2.5. In order to make a homogeneous sample, the Multi-layer
Under-compaction Method (UCM) originally proposed by Jiang et al. [17] was used.
After being generated, the sample was “pre-consolidated” under a vertical pressure of
30 MPa by lowering the top rigid wall and lifting the bottom wall with side walls fixed
until the equilibrium state was achieved. This process aims to simulate natural sedi-
mentary process of sandstone under K0 condition. Then, the microscopic bond
parameters were assigned to the contact and adjacent particles were bonded together.
Next, the sample was isotropically unloaded to the condition of sufficiently low
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Fig. 1. Mechanical responses of the particle contact [12]: (a) normal direction, (b) tangential
direction, (c) twisting direction, (d) rolling direction.
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confining pressure (1 kPa), prepared for subsequent tests. Microscopic parameters used
during the sample generation and pre-consolidation are listed in Table 1.

When the equilibrium state was achieved after unloading, an open straight fissure
with 0.15 mm aperture thickness was created by deleting particles that lay in the fissure
position. The position of the fissure is illustrated in Fig. 2. The fissure inclination angle,
a, is chosen to be 30o, 45o, 60o and 90o respectively in the study. The length of the
fissure, c, is one third of the sample length.

Triaxial compressions of intact sandstone samples with the same parameters values
used in this paper were simulated and compared with experimental results [15] in [13].
Figure 3 presents the numerical and experimental stress-strain curves of intact samples
under conventional triaxial compression. It shows that the DEM and experimental
results are in good agreement, i.e. main mechanical behavior of Berea Sandstone was
reproduced.

Table 1. Parameters utilized in the DEM simulation. [13]

Parameters Values during sample
generation

Values after sample
generation

Particle effective modulus E (Pa) 3:0� 1010 3:0 � 1010

Particle normal-to-shear stiffness
ratio j

1.5 1.5

Interparticle friction coefficient l 0.3 0.3
Interparticle shape parameter b 1.5 1.5
Bond effective modulus �E (Pa) — 1:35 � 1010

Bond normal-to-shear stiffness
ratio �j

— 1.5

Bond tensile strength rt (Pa) — 3:5 � 107

Bond compressive strength rc
(Pa)

— 1:4 � 109

Critical bond thickness gc (m) — 1:0 � 10�5

L=a
W=a

H=
2.

5a
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Fig. 2. Geometry of pre-existing fissure
and condition of the sample

Fig. 3. Comparison between numerical loading
and experimental results of intact samples [15]
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2.3 Uniaxial and Triaxial Test Simulation

In uniaxial test simulations, each pre-fissured sample with a certain fissure angle was
isotropically unloaded close to 0 kPa, then the side walls were deleted. The samples
were loaded vertically in a displacement-control manner at a strain rate of 2.5 � 10−4/s,
which is sufficiently low to ensure quasi-static equilibrium. In triaxial simulations,
samples was first isotropically consolidated under confining pressure (10 MPa,
30 MPa), and then vertically loaded at strain rate of 2.5 � 10−4/s under a constant
confining pressure. Finally, four uniaxial tests were performed at four fissure angles of
30°, 45°, 60°, 90°. And eight triaxial tests were performed at four angles the same as
uniaxial tests and two confining pressures of 10 MPa, 30 MPa.

3 Numerical Simulation Results and Analysis

3.1 Stress-Strain Curves

Triaxial stress-strain curves for pre-fissured samples (a = 45o) under different confining
pressures are shown in Fig. 4. The stress-strain behavior in a uniaxial test on sandstone
with a single fissure can be described into four typical stages, i.e. fissure closure, elastic
deformation, crack growth and propagation, and strain-softening, according to Yang
and Jing [7]. In the numerical uniaxial tests in this study, the stress-strain curve shows
initial nonlinear deformation at the beginning and then changes to elastic deformation
stage with a constant elastic modulus. Then, at the stage of crack growth and propa-
gation, the stress-strain shows obvious nonlinear deformation. After that, bonds broke
rapidly and the curve shows an abrupt drop. The residual strength is extremely lower
than the corresponding peak one.

The stress-strain behavior of triaxial tests share some similarities, while some dif-
ferences are obvious. Initial nonlinear deformation cannot be seen in the stress-strain
curves. The drop after peak stress is slower and the residual strength is much higher
compared to that of uniaxial tests. The post-peak deformation changes gradually from
softening to hardening when confining pressure rises, which means that the samples

Fig. 4. Stress-strain curves of pre-fissured samples (a = 45°)
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change from brittleness to plasticity and ductility. And the peak strength has a prominent
enhancement with confining pressure increasing. Similar characteristics can also be
observed in the results of samples containing single fissure with a = 30°, 60° and 90°.

3.2 Strength and Deformation Properties

Fissures apparently have a significant effect on the strength and deformation behavior.
Figure 5(a) presents the effect of the fissure angle on the triaxial peak strength of
samples containing a single fissure. It can be seen that the triaxial peak strength has a
slightly increase with increasing fissure angle under the same confining pressure. But
note that the peak strength of pre-fissured samples is definitely lower than that of intact
samples under the same confining pressure. Furthermore, compared to uniaxial results,
the fissure angle has less effect on the peak strength when confining pressure is high.
The peak strength has a nearly 24.7% increase (from a = 30° to a = 90°) in uniaxial
tests, while the increase rate is 5.6% when r3 = 30 MPa. The reason may be that the
fissure angle plays a major role in the peak strength under low confining pressures
while the confining pressure determines triaxial strength when r3 is high.

The effect of the fissure angle on the elastic modulus is shown in Fig. 5(b). The
elastic modulus is defined as modulus at the stage of elastic deformation. As illustrate,
the elastic modulus also increases with the fissure angle increasing. Moreover, a higher
confining pressure leads to a higher elastic modulus, which is consistent with the
experimental results on pre-fissured granite obtained by Yang and Huang [18].

3.3 Bond Breakage in the Sample

Figure 6 presents the stress-strain curves and the corresponding accumulated
broken-bond numbers of the samples (a = 45°) under uniaxial test and triaxial test with
r3 = 30 MPa. In 3D simulations, shear force, rolling moment and torque all contribute
to the breakage of bonds and the type of broken bonds depends on which part playing a
primary role. According to the bond failure criterion in Sect. 2.1, the normal force is
either positive or negative when bonds break. Therefore, the bond failure mode can be
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classified into two kinds, i.e. compressive failure if the normal force is positive and
tensile failure if the normal force is negative. And each part contains tensile, rolling and
twisting components.

The macroscopic failure of the sample is caused by the growth of broken bonds,
which explains the consistency between the curve of accumulated broken-bond number
and the stress-strain curve. Bonds rarely break at the elastic deformation stage and then
break gradually and combine to macro cracks initiating from the fissure tips. After that,
the breakage rate has a fast rise. When the stress approaches the peak stress, the
breakage rate also reaches the highest value. An obvious difference between uniaxial
and triaxial tests can also be observed. The increase rate of broken-bonds number
curves is higher under uniaxial condition than that under high confining pressure, e.g.
30 MPa. Furthermore, the bonds rarely break after failure in uniaxial tests but they still
gradually break after failure under a high confining pressure. The stronger the brittle
response of the stress-strain curve is, the faster the accumulated broken-bond number
increases and the shorter the breakage lasts.

4 Conclusion

Simulations of uniaxial and triaxial tests on sandstone samples containing a
pre-existing single fissure with different angles are performed by 3D DEM. The fol-
lowing conclusions are reached.

1. The confining pressure has a remarkable effect on peak strength, deformation
properties and failure mode of pre-fissured sandstone samples. With confining
pressure increasing, the peak strength and the deformation modulus increase.
Stress-strain curves in uniaxial and triaxial tests are similar in stage division but the
behavior at post-peak stages changes from brittle to ductile when confining pressure
increases.
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2. The single fissure reduces the strength compared to intact rock samples and the
reduction extent of peak strength decreases with increasing fissure angle (from 30°
to 90°). Also, the elastic modulus has a slight rise with increasing fissure angle.

3. Growth of broken-bonds causes the failure of rock samples so the breakage rate and
the number of broken-bonds have great influence on the strength and failure mode.
The faster bonds break the stronger brittle response of the stress-strain curve is.
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Abstract. This paper examines the assumption of pseudo-steady state
inter-porosity mass exchange in dual porosity models of fractured rock. Models
of this type rely on the assumption that a pseudo-steady pore pressure distribution
prevails in the porous matrix at all times, thereby neglecting transient pressure
gradients. The rate of inter-porosity mass exchange is then conveniently
expressed as a linear function of the difference between the average pore pres-
sures in the fracture and matrix domains. Whilst providing a relatively simple
description of mass exchange, the accuracy of this approach has been debated
and it is strictly only valid once the pressure front due to changing conditions in
the fracture network reaches the centre of the matrix. The aim of this paper is to
compare the pseudo-steady state model of mass exchange with an explicit model
of diffusive flow into a rock matrix with parallel-plate geometry. Since the mass
exchange coefficient is sometimes described as a function of matrix block
geometry and effective diffusivity, an attempt is made to adopt this approach
before curve fitting is used. The results indicate that the adopted function
underestimates the mass exchange rate compared to the benchmark, although the
pseudo-steady state model can provide close agreement if curve fitting is used. It
is concluded that the assumption of pseudo-steady state mass exchange may be
valid only for cases where calibration of the linear coefficient is possible. Con-
stitutive relationships describing the coefficient should be approached with care,
with the possible exception of those considering some level of transiency.

Keywords: Fractured geomaterials � Inter-porosity flow � Mass exchange
Dual porosity

1 Introduction

Fractures and discontinuities are commonly important features in geological formations
and can have a significant bearing on the water and gas flows and reactive chemical
transport. They effectively divide a geomaterial into two distinct porosities, namely, the
fracture network and the porous rock matrix [1]. A number of modelling techniques are
available to allow the heterogeneous pore structure of a dual porosity geomaterial in a
form more amenable to numerical treatment. In broad terms, these are discrete fracture
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network (DFN) models, equivalent continuum models, and dual (or higher) porosity
models [2]. The most appropriate type of model for a given application depends largely
on the problem scale/conditions, the available input data, the type of output data
required, and the available computational resources [1, 3]. A discussion of the relative
merits of each approach can be found in Hosking et al. [4], whilst the work presented
here focuses on the dual porosity model and specifically the mass exchange term used
to couple the fracture and matrix flows.

Dual porosity models consider the fracture network and porous matrix as distinct
continua over the domain. This approach intends to overcome the loss in accuracy of
homogenised, equivalent continuum models as the partition between the fracture and
matrix flows becomes more apparent. To reflect the material properties of most frac-
tured rocks, it is generally true that the fracture continuum provides the majority of the
flow capacity and the matrix continuum provides the majority of the storage capacity.
The fracture continuum is then more highly conductive with a lower porosity and the
matrix is poorly (or non-) conductive with a higher porosity [5]. Provided represen-
tative properties can be assigned to the respective continua, the capability of the model
to predict the salient transport behaviour of fractured rock requires an accurate
description of the inter-porosity mass exchange.

Mass exchange models relying on the assumption of a pseudo-steady pore pressure
distribution in the matrix are common in the study of dual porosity systems, including
water and solute transport in structured porous media [6, 7] and gas flow in coal [8, 9].
This assumption neglects transient pressure gradients in the matrix and allows the rate of
inter-porosity mass exchange to be conveniently expressed as a linear function of the
difference between the average pore pressures in the fracture and matrix domains. Whilst
providing a relatively simple description of mass exchange, the accuracy of this
approach has been challenged [10, 11] and it is strictly only valid once the pressure front
due to changing conditions in the fracture network reaches the centre of the matrix [6].

This paper examine the soundness of assuming pseudo-steady state mass exchange
in dual porosity models. The test cases considered deal with the mass exchange of an
ideal, inert gas under isothermal conditions in rigid coal with a parallel-plate geometry,
with benchmarks provided by an explicit model of diffusive flow into the coal matrix
slabs. Since the mass exchange coefficient is sometimes described as a function of
matrix block geometry and effective diffusivity, an attempt is made to adopt this
approach in preference to curve fitting. The results presented in this work have been
obtained using the coupled thermal, hydraulic, chemical and mechanical (THCM)
model, COMPASS, developed incrementally at the Geoenvironmental Research Centre
[12, 13].

2 Theoretical Models for Inter-porosity Mass Exchange

Based on a theoretical formulation that can be described as a mechanistic approach, the
coupled THCM model used in this work has a background of high performance
simulations of three-dimensional multiphase, multicomponent reactive transport in
single porosity geomaterials. Recent developments to this platform, presented by
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Hosking et al. [4], have extended the capabilities by introducing a dual porosity
framework and non-ideal gas behaviour. These new capabilities are employed here
alongside the benchmark simulations, which have been performed using the single
porosity model assuming purely diffusive gas flow in the coal matrix. A summary of
both formulations is provided in the following sections.

2.1 Single Porosity Model for Diffusive Mass Exchange
(Benchmark Case)

Based on the principle of conservation of mass, the temporal derivative of the gas
chemical accumulation is equal to the spatial gradient of the relevant fluxes. Gas flow
from the fracture network into the fully dry, non-deformable coal matrix is assumed to
be driven purely by diffusion, which for an ideal, inert gas yields:

n
@cg
@t

¼ r � De;grcg
� � ð1Þ

where n is the matrix porosity, cg is the gas concentration, and De;g is the gas effective
diffusion coefficient, given by [14]:

De;g ¼ nsgDg ð2Þ

where the tortuosity factor, sg, is calculated using the relationship by Millington and
Quirk [15]:

sg ¼ n4=3 ð3Þ

The gas pressure, ug, is calculated from cg, the temperature, T , and the universal gas
constant, R, using the ideal gas law, i.e. ug ¼ RTcg.

2.2 Dual Porosity Model with Pseudo-steady State Mass Exchange

Mass exchange for the dual porosity case is handled through the addition of a
sink/source term to the mass balance expression given in Eq. (1). Since this work is
concerned with mass exchange and not the bulk flow of gas in the coal, the diffusive
flux term is removed, yielding:

nb
@cg;b
@t

¼ kCg ð4Þ

where the subscript b is the continuum identifier and becomes F to denote the fracture
continuum and M to denote the matrix continuum, Cg is the sink/source term for mass
exchange, and k ¼ �1 if b ¼ F or k ¼ 1 if b ¼ M.
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The fracture continuum porosity, nF , is the fraction of the total porosity associated
with the fracture network, given by:

nb ¼ wf n
L
F ð5Þ

where nLF is the local fracture porosity, expressed mathematically as the volume of
pores in the fractured network divided by the total volume of the fracture network, i.e.
VP
F=V

T
F . This becomes 1.0 in a clean fracture, but may be less due to mineral infillings

and the presence of altered matrix surrounding the fracture. wf is the volumetric
weighting factor, defined as the total volume of the fracture network divided by the
bulk rock volume, i.e. wf ¼ VT

F =VT , analogous to the following expression for a
parallel-plate geometry:

wf ¼ aF
bF

ð6Þ

where aF is the fracture aperture and bF is the fracture spacing.
Equation (5) allows the matrix continuum porosity, nM , to be expressed in terms of

the total porosity, nT , wF , and nLF , giving:

nM ¼ nT � wFn
L
F ð7Þ

Assuming a pseudo-steady state gas pressure distribution in the matrix slabs at all
times, Cg becomes a first-order mass exchange term expressed in general as [16]:

Cg ¼ rDðcg;F � cg;MÞ ð8Þ

where rD is the first-order exchange rate, which may be expanded to consider geo-
metrical and material properties, including the coal matrix shape and dimensions and
the effective diffusivity of the gas, giving an expression of the form [17]:

rD ¼ 4w
b2M

De;g;M ð9Þ

where w is a dimensionless shape factor related to the geometry of the matrix blocks,
ranging from 3 for rectangular slabs (as in the parallel-plate model in this work) to 15
for spherical aggregates [6].

3 Problem Conditions

Three coal slab geometries are considered in this work, as shown in Fig. 1, taken from
Laubach et al. [18] for coal from the San Juan and Black Warrior Basins, USA.
Specifically, fracture apertures of 5, 7 and 9 lm have been selected for Tests I, II and
III, respectively. The adopted values of fracture spacing correspond to a maximum
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permeability of 1 mD, giving aF as 0.013 m, 0.035 m and 0.065 m, respectively.
A total porosity of 0.01 was prescribed in each test, with nLF ¼ 1:0.

The geometrical parameters described above were used to define the terms of the
dual porosity Eqs. (4)–(9). The domain for the dual porosity simulations was arbitrary
since no bulk flow occurs (only mass exchange via the sink/source term). Owing to the
symmetry of the parallel-plate model, the 2-dimensional domains for the benchmark
diffusive mass exchange simulations were formed using 0.001 m wide sections of coal
slab with thicknesses of 0:5ðbF � aFÞ, i.e. the half width of a single slab. The coal
matrix initially contains no gas with the fracture containing gas at a pressure of
100 kPa. The simulation period in each Test corresponded to the time taken for the coal
matrix pressure to equilibrate with the prescribed fracture pressure.

4 Results and Discussion

The results for Tests I, II and II are shown in Figs. 2, 3 and 4, respectively. Markers are
used to denote the results of the benchmark tests in which diffusive mass exchange into
the matrix slabs was considered explicitly. These results show the evolution of gas
pressure at the mid-point of the domain, i.e. a quarter into the matrix slab thickness.
The dual porosity results for case A used Eq. (9) to define the mass exchange rate, rD,
whereas for case B the best-fit values were used.

As expected, the benchmark results follow the same trend in each test, reflecting the
transient gas pressure gradient in the matrix slab as it tends towards equilibrium with
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Fig. 1. Relationship between coal permeability and fracture spacing for the three fracture
apertures considered in this work (adapted from Laubach et al. [18]). The values of fracture
spacing used in the test cases correspond to a maximum permeability of 1 mD.
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the fracture pressure. The only notable difference is in the time scale, which naturally
increases with the thickness of the matrix slabs. It can be seen that in all three tests case
A underestimated the rate of mass exchange by a considerable margin relative to the
benchmark. The results for case B show that the pseudo-steady state model yielded a
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Fig. 2. Results for Test I with aF ¼ 5lm and bF ¼ 0:013m, giving wF ¼ 3:84� 10�4. Case A
used Eq. (9) to give rD ¼ 1:4� 10�5 s�1, with case B using the best fit value of
rD ¼ 1:5� 10�3 s�1.
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close agreement with the benchmark only when the values of rD from case A were
increased by in the region of 2 orders of magnitude.

These findings imply that the assumption of pseudo-steady state mass exchange may
be valid only for cases where calibration of the linear coefficient is possible. In other
words, rD appears to be a largely empirical value. The use of constitutive relationships
describing the coefficient should be approached with care, with the possible exception of
those considering some level of transiency, such as those reviewed by Hassanzadeh
et al. [10]. Transiency is typically included by taking w in Eq. (9) as a function of time.
In effect, the rate of mass exchange is increased substantially at early times and decays
towards the pseudo-steady state at late times. Referring to the findings in this work, the
use of such a transient function would lead to an improved agreement between case A
and the benchmark. However, whether this approach improves the theoretical robust-
ness of rD beyond being a largely empirical factor is debatable, depending on the exact
definition used. Suitable functions may consider different boundary conditions at the
fracture-matrix interface (pressure- or flux-dependent), different geometries, and the
properties of the solid and pore fluid, including multiphase flow.

5 Conclusions

This paper has investigated the soundness of assuming a pseudo-steady rate of
inter-porosity (fracture-matrix) mass exchange in dual porosity numerical models.
Three test scenarios have been presented for coal covering a range of fracture apertures
and matrix slab thicknesses assuming a rigid parallel-plate geometry. Each test con-
sidered the inter-porosity (fracture-matrix) flow of an ideal, inert gas under isothermal
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conditions. The predicted pseudo-steady state mass exchange rates have been com-
pared with benchmarks provided by explicitly modelling diffusive flow into the coal
matrix slabs, thereby taking into account the transient pressure gradient neglected in the
pseudo-steady state approach. Since the mass exchange coefficient is sometimes
described as a function of matrix block geometry and effective diffusivity, an attempt
was made to adopt this approach (case A) before curve fitting was used (case B).

It was found that in all three tests case A underestimated the rate of mass exchange
by a considerable margin relative to the benchmark. The results for case B showed that
the pseudo-steady state model yielded a close agreement with the benchmark only
when the values of the mass exchange rate from case A were increased by in the region
of 2 orders of magnitude.

It is concluded that the assumption of pseudo-steady state mass exchange may be
valid only for cases where calibration of the linear coefficient is possible. Constitutive
relationships describing the coefficient should be approached with care, with the pos-
sible exception of those considering some level of transiency.
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Abstract. The excavation of non-circular tunnels at shallow depths is becoming
increasingly common because of the need to efficiently utilize excavation spaces.
However, the stress concentration is likely much greater around shallow tunnels
than deep ones. This study provides an analytical solution of stresses around
non-circular tunnels at shallow depths by combining the Schwartz alternating
method with complex variable theory. The analytical solutions are verified by
good agreement between the analytical and FEM numerical results. A parametric
study is performed to investigate stress concentrations around elliptical and
square tunnels and the effect of tunnels’ buried depth. The proposed analytical
solutions provide great value to the conceptual understanding of the mechanical
behaviour of non-circular tunnels, which are shallowly excavated in rock or
medium to stiff clay, and to the verification of numerical models.

Keywords: Non-circular tunnel � Shallow tunnel � Analytical solution

1 Introduction

Non-circular tunnels constructed in urban areas are increasingly commonplace in order
to reduce the need for backfilling [1, 2]. However, because of the inferior tunnel shape,
a higher stress concentration is likely to arise around non-circular tunnels than circular
ones. Moreover, the stress concentration around a shallow tunnel is further intensified
by the proximity to the ground surface. This study focuses on the prediction of the
stresses induced by the excavation of shallow non-circular tunnels that have significant
impacts on tunnel stability.

Numerical modelling [3, 4] and limit analysis [5, 6] are usually employed to predict
the ground responses around shallow buried non-circular tunnels. The numerical method
is mainly used in detailed tunnel designs, with more consideration given to complex
geo-material properties and geological conditions. However, they require long
running-times, especially in cases where complete parametric analyses must be per-
formed. Furthermore, the stresses at the regions with a high stress concentration (e.g.,
stress at square corners) are sometimes difficult to accurately predict via numerical
approaches.
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In contrast, analytical models can provide the exact stresses and displacement field
through strict mathematical derivations with respect to all relevant parameters. They
also provide an approach for gaining deep insight into the mechanical mechanism of
engineering problems [7]. Most of the analytical studies for non-circular tunnels are
mainly focused on deeply-buried tunnels in elastic or viscoelastic ground [8–10].

Regarding the literature reports on analytical methods for shallow buried tunnels,
Verruijt derived an analytical solutions for a circular tunnel in an elastic half-plane [11,
12]. Because of the difficulties in finding the direct conformal mapping, the exact ana-
lytical solutions for non-circular shallow tunnels subjected to arbitrary boundary stresses
are still unavailable in the existing literature. Although the analytical stress expressions
for elliptical holes in an anisotropic half-plane were proposed by Dai et al. [13], their
solution is only valid for cases where the hole boundary is loaded by particular tension
stresses, since these cases can be successfully solved mathematically. In this study, the
stresses induced by the excavation of a non-circular tunnel at semi-infinite ground will be
analytically derived to provide an alternative approach for preliminary designs.

2 Derivation and Verification of Analytical Solutions

2.1 Assumptions and Problem Definition

A non-circular tunnel contained in semi-infinite ground is investigated where the
ground is in a state of small deformation and can be approximately regarded as a
homogeneous, isotropic, and linearly elastic medium. Plain-strain conditions are
assumed, neglecting the three-dimensional effect of longitudinal tunnel advancement.
The additional stresses due to tunnelling can be addressed by the model of a tunnel
whose boundary is loaded by the traction �S10, where S

1
0 (S

1
0x and S10y are horizontal and

vertical components) is the initial stresses along anticipated tunnel boundary. To
simplify the derivation, the variation of gravity-induced vertical initial stress across the
height of excavation is not considered since it has been proven that the accuracy is
sufficient in the prediction of the plastic zone of a shallow tunnel [14] when the buried
depth is greater than two times the tunnel radius. Therefore, the uniform initial stress
state, which equals the stresses at the tunnel centre, can be assumed. Figure 1 illustrates
the tunnel geometry, boundary conditions, and reference coordinate systems in the
derivation. The sign conventions are defined as follows: compressive stresses and
displacements along the direction of the axes of the coordinate are positive.

2o2y

2x

1
0 yS

1
0xS

h

1y

1x1o
(Centroid)

Non-circular tunnel

Fig. 1. Geometry, boundary conditions of the problem, and reference coordinate systems.
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2.2 Basic Iterative Procedure

A hole in a half-plane belongs to the set of problems with a doubly connected domain.
Schwartz [15] proposed an efficient iteration approach for finding the solution of
boundary value problems on doubly connected domains by solving the problem on
each of the two simply connected domains in turn, taking always the previous values of
the approximate solutions as the next boundary conditions. This method has been
employed in solving the problem of twin circular tunnels in viscoelastic media [16].

Figure 2 presents the iterative procedure for solving the problem of a half-plane
with a non-circular hole subjected to gravity-induced tractions along the hole boundary,
where the two following problems are repeatedly solved: Problem (1) is a non-circular
hole in an infinite medium subjected to tractions along the hole boundary, and Problem
(2) is a half-plane without any hole loaded by tractions along ground surface.

Note from Fig. 2 that the redundant tractions are induced along the removed
boundaries during each iterative step. Therefore, tractions with reverse directions and
the same magnitude as the redundant tractions (the reverse tractions) are then applied to
the corresponding boundary to balance the redundant tractions in the next iterative
steps. Through repeated iterations, the redundant tractions along the hole boundary and
the ground surface will approach zero with the increase of the iteration number. The
solutions are finally attained by superimposing the stresses calculated in all the
iterations.

(a) Step 1 in the first iteration                             (b) Step 2 in the first iteration 

(c) Step 1 in the second iteration                         (d) Step 2 in the second iteration 

(2)
sT

The half-plane without any hole, loaded by reverse 
tractions (2)

sT on ground surface, is solved. It 

creases redundant surface tractions, (2)
tT , at the 

tunnel boundary.

Ground surface
(2)

tT

(2)
sT

A non-circular hole in infinite elastic solid, loaded 
by reverse tractions (1)

tT on hole boundary, is 

solved. It creases redundant surface tractions, (2)
sT ,

at the ground surface.

Ground surface
(1)- tT

(1)
sT

The half-plane without any holes, loaded by reverse 
tractions (1)

sT on ground surface, is solved. It 

gives rise to redundant surface tractions, (1)
tT , at the

tunnel boundary.

Ground surface
(1)

tT

A non-circular hole in infinite elastic solid, loaded by 
gravity-induced tractions 1

0S on hole boundary, is 
first solved. It creates redundant surface tractions, 

(1)
sT , at the ground surface.

Ground surface

Infinite boundary
(1)

sT

1
0-S

Fig. 2. Boundary conditions in alternating iterations.
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2.3 Potential Determination in Iterative Steps

The derivation is provided for shallow square tunnels as an example. In step 1 of the
first iteration, the specific approximate mapping function for square holes is in the
following equation, in which the hole boundary and the external infinite region is
mapped into a unit circle in the mapped plane [17]:

z1 ¼ xðfÞ ¼ R0 f� 1

6f3

� �
; with

z1 ¼ x1 þ y1i

f ¼ qeih ¼ nþ gi

 !
ð1Þ

where z1 is the complex coordinates of the systems x1o1y1, f is the complex coordinates
in the corresponding mapped planes, and R0 is the coefficient related to tunnel size. The
closed-form expressions of the potentials in complex variable theory are obtained as
follows [18]:

uð1Þ
1 fð Þ ¼ � 3 1� K0ð Þp0R0

7f
þ 1þK0ð Þp0R0

12f3

wð1Þ
1 fð Þ ¼ � 39 1� K0ð Þp0R0f

84f4 þ 42
� 13 1þK0ð Þp0R0f

3

24f4 þ 12
þ 1� K0ð Þp0R0

12f3

ð2Þ

where p0 ¼ ch - with c being the unit weigh of geo-material- is the vertical initial stress
due to gravity at tunnel centre, and K0 is the ratio of horizontal over vertical initial
stresses (i.e., the coefficient of lateral pressure). By substituting the inverse function of
Eq. (1) into (2), and using the stress expressions with respect to potentials in complex
variable theory, the stress with respect to the variables x1 and y1 can be achieved.

Accordingly, the redundant tractions along the ground surface, Tð1Þ
s , are obtained by

substituting z1 ¼ x1 þ hi into the stress expressions.

In step 2 of the first iteration (see Fig. 2b), the redundant tractions T ð1Þ
s are reversely

exerted on the surface of the semi-infinite ground without any holes, resulting in
additional stresses that can be addressed by modified Flamant’s solutions [19].

In step 1 of the second iteration, the problem of a non-circular hole contained in the

infinite medium is tackled, where the redundant tractions Tð1Þ
t�x1 and T ð1Þ

t�y1 , yielded in
step 2 of the first iteration, are reversely exerted on the hole boundary. Suppose that

uð2Þ
1 ðfÞ and wð2Þ

1 ðfÞ are the two potentials in this step. Thus, the potentials should satisfy
the stress boundary conditions (hole boundary) as follows:

uð2Þ
1 ðfÞþ xðfÞ

x0ðfÞu
ð2Þ0
1 ðfÞþwð2Þ

1 ðfÞ
" #

f¼t¼eih

¼ �i
Z t

t0

T ð1Þ
t�x1ðhÞþ iT ð1Þ

t�y1ðhÞ
� �

ds ð3Þ

where ð Þ0 denotes the differentiation with respect to f, and t0 and t are certain and
generic points on the tunnel boundary, respectively. By expanding the term at the
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right side of Eq. (3) as a series, i.e.,�i
R t
t0

Tð1Þ
t�x1ðhÞþ iT ð1Þ

t�y1ðhÞ
� �

ds � PL
j¼�L

Cjt j with

t ¼ eih, we obtain the potentials in the following [18]:

uð2Þ
1 fð Þ ¼ 6=7ð ÞRe C�1½ � þ 6=5ð ÞIm C�1½ �i½ �f�1 þ

X�2

j¼�L

Cjf
j

wð2Þ
1 fð Þ ¼ 13 6=7ð ÞRe C�1½ � þ 6=5ð ÞIm C�1½ �i½ �f

12f4 þ 6
� 6f3 � f7

6f4 þ 3

X�2

j¼�L

jCjf
j�1 þ

XL
j¼1

Cj

f j
ð4Þ

Through the subsequent repeated iterations, the redundant tractions along square
tunnel boundary and ground surface will tend towards zero with the increase in the
number of iterations. Hence, the solutions of the non-circular hole in the half-plane are
finally obtained via the superposition of the stresses calculated in all the iterations.

2.4 Verification of Analytical Solution

To verify the analytical solution presented in this study, the derived solutions were
compared with the results from numerical simulations carried out using the code
ANSYS.

Consider a square tunnel that has side lengths of 5 m and was excavated in
semi-infinite ground at depth h = 15 m. Because of the symmetry of the problem along
the y1 axis, the right half of the structure was analysed in numerical simulation (ge-
ometry and the constraint conditions shown in Fig. 3). The parameters employed in the
analysis, i.e., the elastic modulus E, Poisson’s ratio m and unit weight c of the
geo-material, are 50 MPa, 0.25 and 18:5 kN=m3, respectively. The coefficient of lateral
pressure, K0, is adopted as 0.35.

Let us consider the points P1–P6 shown in Fig. 3. The comparisons of total stresses
at these points between the analytical solutions and FEM results are plotted in Fig. 4,
where the analytical results are superposed by those in the first and second iterations, as
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well as step 1 of the third iteration. It is shown that the analytical solutions exhibit close
agreement with the numerical results.

3 Parametric Investigation

The stress concentration, as well as the effect of a tunnel’s buried depth on the stresses
around elliptical and square tunnels, are investigated in this section. For the sake of
generality, the stresses are normalized by p0 ¼ ch. All parameters are the same as those
in Sub-sect. 2.4. The shapes of the tunnels are shown in Fig. 5.

Assume that tunnels with elliptical and square cross-sections are located at the
depth h ¼ 3b (h ¼ 3R0), where b is the half minor axis of the elliptical tunnel and R0 is
defined in Eq. (1). The tunnel boundaries, determined by the mapping functions, are
illustrated in Fig. 5. The normalized hoop stresses along the tunnel boundary versus h
are plotted in Fig. 6. Owing to the proximity to the ground surface, the tensile stress
along the upper boundary of the elliptical tunnel (around h ¼ 90�) is larger than that
along the lower boundary (around h ¼ 270�) (see Fig. 5a); and the normalized hoop
stress at the top two corners of the square tunnel is 5. However, the one at the bottom
two corners is only 4.5 (see Fig. 6b).

It can be noted from Fig. 6(a) that the highest compressive stress concentrations
around the elliptical tunnel appear at the boundary points h ¼ 0

�
and 180

�
, where the

concentration factor rh=p0 ¼ 4:9 is larger than the one around the deep tunnels
(rh=p0 ¼ 3:98). The maximum normalized tensile stress of the elliptical tunnel is
approximately 0.77, and appears at a point on the tunnel’s crown at h ¼ 90

�
. It can be

noted from Fig. 6(b) that the highest compressive stress concentrations occur around
the square’s corners, while the hoop stresses are mainly tensile along the top and
bottom. It can also be observed that the maximum normalized tensile stress is 0.47
(0.29 for the deep square tunnel), and appears at the midpoint of the tunnel’s top
boundary.

Fig. 5. Geometry of tunnels.
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Let us consider points A1–A8 around the elliptical/square tunnels shown in Fig. 6.
The normalized hoop stresses of these points versus the buried depth (h) are plotted in
Fig. 7. In general, the hoop stresses all decrease gradually as buried depth increases,
and finally tend to become steady values. When the buried depth is greater than 5b for
the elliptical tunnels (5R0 for square tunnels), the stresses are almost unchanged against
h, which indicates that the tunnels can be regarded as deep. The stresses at points A2

and A3 (or A5 and A8, A6 and A7), which are symmetrically located at the tunnel’s top
and bottom, are very different when the tunnel is shallowly buried; they tend to be
equal when h is greater than 5b (or 5R0) due to the lesser influence of the ground
surface. It can also be observed that the stresses at point A1, A2, A5 and A6, are
influenced more significantly by the buried depth than are stresses at other points, as
shown in Fig. 7(b).

4 Conclusions

In this study, the stress solutions for shallow, non-circular tunnels were analytically
proposed, and a good level of agreement was exhibited between the analytical solutions
and FEM results. By conducting a parametric investigation, it was shown that the stress
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concentration of shallow tunnels is larger than that of corresponding deeply buried
tunnels with the same shape. It was also shown that when the buried depth is greater
than 5b for the elliptical tunnels (5R0 for square tunnels), the tunnels can be regarded as
deep. The proposed analytical solutions should be of great value for the conceptual
understanding of the mechanical behaviour of shallow buried non-circular tunnels and
for verifying numerical models.
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Abstract. The mechanical behavior of rocks at great depth is a research focus
in the field of deep underground engineering in recent years. To simulate the
mechanical behavior of such rocks, this study implemented an improved
three-dimensional (3D) bond model incorporating rolling and twisting resis-
tances into the distinct element method (DEM). The parameters of the distinct
element model were calibrated according to the results from the triaxial tests on
Berea sandstone by matching both the peak strengths and the residual strengths
obtained from the tests under the confining pressure ranging from 10 MPa to
335 MPa. The method and technology roadmap of parameter calibration was
proposed to capture the mechanical behavior of deep rock subjected to high
stress and large deformation. The results show that the DEM simulation with the
well-calibrated model quantitatively reproduced the stress-strain and volumetric
strain curves through the whole process of the triaxial tests.

Keywords: Deep rock � Parameter calibration � Triaxial test
Distinct element method

1 Introduction

The distinct element method (DEM) is originally developed by Cundall and Strack [1]
for granular materials treated as an assembly of bonded or un-bonded particles. It
shows great potential in bridging macroscopic and microscopic responses of the
assembly under a wide range of loading conditions. Recently, DEM has been widely
applied to analyses of mechanical behavior of rocks such as crack extension [2, 3].
A rational and well-calibrated model is vital to enable a reliable DEM simulation of
rocks.

In DEM simulations, model calibration is always a challenge due to a lack of
testing techniques at the microscopic scale. In order to obtain reasonable model
parameters, many efforts were devoted to calibrate parameters for various rock models
[4, 5]. However, rare studies have successfully reached a model calibration that mat-
ches every major aspects of laboratory observations (i.e. the DEM simulation cannot
quantitatively reproduce the stress-strain and the volumetric strain curves through the
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whole process of triaxial tests). In particular, sacrifice in the residual strength is gen-
erally to reach a satisfactory fitting in the peak strength of rock samples, and the fitting
of the volumetric strain even is usually given up without attempting.

In this paper, an improved 3D bond model incorporating rolling and twisting
resistances was employed to calibrate the specimens of Berea sandstone under a wide
range of confining pressures. The procedure is introduced to calibrate the model based
on the triaxial tests of the rock considering the residual strength. The calibration is
intended to quantitatively reproduce the complete stress-strain and volumetric strain
curves observed in the laboratory.

2 Contact Model

An improved three-dimensional (3D) bond model incorporating rolling and twisting
resistances [6–8] was employed in this study. This model consists of two particles
contacting via a bond. When the particles overlap, the contact stress is borne by both
the particles and bond, and the particles and bond are connected in parallel. When the
particles do no directly contact but interact through the bond, the contact stress is borne
by the bond, and the particles and the bond are connected in series. For the mechanical
response of particles, this paper only presents a brief introduction, and the details can
be referenced in the literature [6]. For the bond strength criterion, the details can be
referenced in the literature [7, 8].

2.1 Mechanics Response of the Particles

Figure 1 illustrates the mechanics response of the particles in normal/tangential/rolling/
twisting direction, where the rolling and twisting resistance reflects the effect of the
shape of the actual particles.
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Fig. 1. Mechanical responses of the particle contact [6] in: (a) normal direction, (b) tangential
direction, (c) rolling direction, and (d) twisting direction.
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In the figure, Kn ¼ pr2E= r1 þ r2ð Þ is the normal stiffness, r is the equivalent radius
of the contact (i.e. the radius of the smaller particle at the contact), r1(r2) is the radius of
the particle at the contact, E is the elastic modulus, Ks = Kn/к is the tangential stiffness,
к is the normal-to-shear stiffness ratio, Kr ¼ 0:25Knr2s is the rolling stiffness, rs ¼ br is
the shape radius, b is the shape parameter, Kt ¼ 0:5Ksr2s is the twisting stiffness, l is
the friction coefficient of particle, ln is the overlap of the particles, ls is the relative
tangential displacement, hr is the relative rolling angle, ht is the relative twisting angle,
Fn is normal force, Fs is tangential force, Mr is rolling moment, Mt is the twisting
moment.

2.2 Bond Strength Criterion

In the DEM simulation, the bond between the particles is approximated as a cylinder,
with a height equal to the sum of the radii of the two contacting spheres. The bond is
assumed to be ideal elastic brittleness. When the load exceeds the failure envelope in
the shear-rolling-twisting space incorporating the normal force, the bond will break and
completely lose strength.

The original formulation of the bond strength criterion is given in [8]. This study
employed the simplified version (given below) to ease the model application:
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Fig. 2. Bond failure criterion: (a) shear plane, (b) rolling plane, (c) twisting plane, (d) failure
envelop in the shear-rolling-twisting space.
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where the three fitting parameters are m = 0.193, n = 0.125 and l = 0.138; Rs, Rr, Rt

are the absolute value of shear, rolling and twisting resistance, respectively; Fs is the
shear force; Mr is the rolling moment; Mt is the twisting moment, Fn ¼ Abrn is the
normal force; Ab ¼ pr2b is the area of the bond; rb is the radius of the bond; rt and rc are
the tensile and compressive strength of the bond. These mathematical expressions are
illustrated in Fig. 2.

3 Model Calibration Based on Triaxial Tests

3.1 Specimen Preparation

Berea Sandstone [9] is selected as the target sample for model calibration. Figure 3
shows the distribution of grain size obtained from the CT scanning image [10].
Figure 4 shows a DEM specimen used in this study consisting of 12700 particles,
which was generated by the multi-layer with under-compaction method [11] with the
ratio of length, width and height as 1:1:2.5. Subsequently, the preloading pressure as
vertical pressure was applied on the specimen under the K0 state to simulate the natural
deposition of particles. When the stress of the specimen reached balance, the bonds
were activated where the distance between two particles is less than a critical bond
thickness to simulate the cement in the strata, and then the specimen was unloading to
simulate the sampling process in situ. Finally, the specimen was unloaded to an iso-
tropic stress of 1.0 kPa. When these steps had been completed, the specimen can be
used to simulate laboratory triaxial test.
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3.2 Procedure of Parameter Calibration

The Technology Roadmap. For the technology roadmap, two issues need special
attentions: (1) the parameters incorporating close relation with the stiffness of specimen
should be calibrated before the other parameters which have close relation with the
strength of specimen, and (2) the parameters incorporating close relation with the
residual strength should be calibrated before the other parameters which have close
relation with the peak strength. A microscopic parameter may have many effects on the
macroscopic level, so a large number of trial calculations are required to determine the
value of a microscopic parameter. Figure 5 shows the flow chart of parameter
calibration.

Getting the Typical Values and Ranges of Parameters for Trialing. During cali-
bration, the physical meaning of microscopic parameters should be considered com-
bining the actual material properties of the simulated object. According to the physical
meaning of the parameters, both the typical values and ranges of some parameters can
be roughly obtained.
According to several trials, the possible range of the void ratio of the specimen is from
0.6 to 0.9. Considering that sandstone is rather porous, the target void ratio of the
specimen is set 0.8. For the preloading consolidation pressure, the vertical pressure of
30 MPa is selected to simulate a rock from deep strata subjected to an extremely high
confining pressure. For the elastic modulus of particles, the twice times elastic modulus
of specimen of laboratory triaxial test can be taken as the reference value. The
normal-to-shear stiffness ratio of particle as well as bond is set to 1.5 to be appropriate
according to the experience [6, 8]. The range of friction coefficient of particle is
generally between 0 to 1, and the reference value can be set to 0.5. The range of shape
parameter of particle is generally between 0.0–2.0, and the reference value can be set to
0.5 [6]. In order to reduce the effect of boundary effect, both the friction coefficient and
the shape coefficient between wall and particle are set to 0.0 directly. The elastic
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Fig. 5. The technology roadmap of parameter calibration
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modulus between wall and particle is not the key parameter affecting the strength, and
can be the same as the elastic modulus of particles. Under quasi-static condition, the
local damping coefficient is not the key parameter affecting the strength, and can
directly take the common value of 0.7. The elastic modulus of bond can be the same as
that of particle, and can also be selected according to the properties of the actual
cements and mineral particles of the simulated object. The compressive-to-tensile
strength ratio of bond can take 10 as the reference value referring to that of brittle
materials such as concrete and rock. The bond thickness is generally much smaller than
the particle size, so we can take 1/10 of the medium diameter of the specimen as the
reference value, and can also refer to the microscopic scanning image of the object.

The DEM Simulations of Triaxial Tests. In this study, the stress-strain curves
through the whole process of the laboratory triaxial tests under two confining pressures
of 10 MPa and 40 MPa are selected as the approximating object of DEM simulation to
calibrate model parameters. In accordance with the quasi-static conditions, the axial
strain rate of loading is set to 2.5 � 10−4/s. Both the values of parameters for trialing
and the finial calibrated values are listed in Table 1.

Determining the Final Values of Model Parameters. In order to select the reason-
able values of model parameters, the effects of model parameters on macroscopic
mechanical behavior should be analyzed. Based on the final calibrated values listed in
Table 1, the effects of some key parameters are shown in Fig. 6 as examples.

Table 1. Parameters used in DEM simulation

Parameters Preloading without bond Bond activated

For trialing Calibrated For trialing Calibrated

Void ratio e 0.6, 0.8, 0.9 0.8 0.6, 0.78, 0.82 0.78

Preloading consolidation pressure (MPa) 1, 10, 30 30 – –

Particle density q(kg/m3) 2650 2650 2650 2650

Density scaling coefficient of particle 1.0 � 109 1.0 � 109 1.0 � 109 1.0 � 109

Elastic modulus of particle Ep (GPa) 20, 30, 40 30 20, 30, 40 30

Normal-to-shear stiffness ratio of particle к 1.5 1.5 1.5 1.5

Friction coefficient of particle l 0.25, 0.3, 0.5 0.3 0.25, 0.3, 0.5 0.3

Shape parameter of particle b 0.5, 1.0, 1.5 1.5 0.5, 1.0, 1.5 1.5

Friction coefficient between wall and particle lw 0.0 0.0 0.0 0.0

Particle shape parameter between wall and particle bw 0.0 0.0 0.0 0.0

Elastic modulus between wall and particle Ew

(GPa) (always equal to Ep)
20, 30, 40 30 20, 30, 40 30

Local damping coefficient 0.7 0.7 0.7 0.7

Elastic modulus of bond Eb (GPa) – – 12, 13.5, 20, 30 13.5

Normal-to-shear stiffness ratio of bond к* – – 1.5 1.5

Tensile strength of bond rt (MPa) – – 20, 30, 35, 40 35

Compressive strength of bond rc (MPa) – – 350, 700, 1400,
2100

1400

Reduction coefficient of bond diameter k – – 0.5, 0.75, 1.0 1.0

Thickness of bond gc (mm) – – 0.005, 0.01,
0.02

0.01
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The parameters to be analyzed are to be presented in the graphs. We look for the
relationships between model parameters and mechanical behavior in this way, and then
calibrate the parameter values.

4 Calibration Results

Figure 7 compares the test data with the simulations using the calibrated model. The
range of confining pressure of the triaxial tests is from 10 MPa to 335 MPa. As shown
in the figure, the curves obtained from DEM are generally consistent with the results of
laboratory tests under most confining pressures, although relatively more scatter is
noted at confining pressures of 200 MPa and 240 MPa. For the volumetric strain
curves, the simulations match the test data better at larger axial strains than that at
smaller one. This may be due to larger measurement error of the laboratory tests at

Fig. 6. Relationships of deviatoric stress vs axial strain
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small axial strains. Nevertheless, the DEM simulations quantitatively reproduced the
stress-strain and volumetric strain curves to a acceptably satisfactory level.

5 Conclusions

This study calibrates an improved 3D bond model incorporating rolling and twisting
resistances for rocks. The calibration procedure is proposed to obtain a set of model
parameters based on available triaxial test data from the specimens of Berea Sandstone.
The results show that the calibrated model is able to quantitatively reproduce the
complete stress-strain and volumetric strain curves including the tails where the
specimens reach the residual strengths. The lessons learnt from this study for an effi-
cient calibration are as follows:

(1) The parameters affecting the bulk stiffness of the specimen should be calibrated
before the parameters affecting the bulk strength of the specimen.

(2) The parameters affecting the residual strength should be calibrated before the ones
affecting the peak strength.

(3) The typical values and ranges of some parameters should be roughly obtained
according to their physical meanings to reduce trial calculation and improve
efficiency.

(4) In order to determine the final values of model parameters, the relationships
between model parameters and mechanical behavior should be found out by
comparison between DEM simulations and the triaxial tests.

Acknowledgments. This work is funded by the National Basic Research Program of China
(with grant No. 2014CB046901).

Fig. 7. Comparison between DEM simulations and the triaxial test data
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Abstract. Hydraulic fracture is an important technic for oil/gas production.
A smeared cracked method is adopt for simulating hydraulic fracturing propa-
gation within the framework of a fully coupled, pore pressure-solid phase
interaction formulation. The stress-strain behavior of the solid phase is modeled
as a porous media by using elasto-plastic, Drucker-Prager description. The
inherent assumption of the fracture model is that the permeability can be
expressed as a function of the difference between the mean effective stress and
the tensile strength of the rock. For two-phase flow, the relative permeability is
used for including the effect of fluid mixture between the original fluid and
injection fluid. The rock sample with randomly distributed irregular hard
inclusions is studied with the vertical stress, horizontal stress and pore pressure
being 29.13 MPa, 19.77 MPa and 10.34 MPa, respectively. By running over 30
numerical cases, the characteristics of injection pore pressure and equivalent
opening versus injection time are well simulated with different relevant dynamic
viscosity, injection rate, intrinsic conductivity and tensile strength. Finally, the
paper ends with some useful observations on the characteristics of hydraulic
fracture.

Keywords: Hydraulic fracture � Smeared crack method
Heterogeneous rock material � Hard inclusion

1 Introduction

Hydraulic fracturing is an important technique for oil/gas production. The first
industrial use is in 1949 (Clark 1949). Hereafter, various kinds of mechanical models
and numerical models have been developed for solving two-dimensional and
three-dimensional problems. KGD fracture model (Geertsma and de Klerk 1969), PKN
fracture model (Perkins and Kern 1961) and P-3D-C model (Adachi et al. 2007;
Rahman and Rahman 2010) are three of the traditional mechanical models for
hydraulic fracture solutions. To conquer the restriction of the mechanical models and
considering the complex heterogeneity of rock, numerous numerical approaches for
simulating hydraulic fracture are introduced, e.g., finite element method
(FEM) (Wangen 2011); cohesive zone model (Sarris and Papanastasiou 2011); distinct
element method (DEM) (Fatahi et al. 2016); extended finite element method (XFEM)
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(Lecampion 2009; Mohammadnejad and Khoei 2013); meshfree (meshless) method
(Nguyen et al. 2016) and smeared crack method (Hu et al. 2014; Li et al. 2016).

The smeared crack approach adopted in this paper is based on the assumption that
the permeability can be expressed as a function of the difference between the mean
effective stress and the tensile strength of the rock. This method has been implemented
in ABAQUS software by Li et al. (2016).

The major work in the present paper is to study the hydraulic fracture character-
istics of a rock sample with hard inclusions randomly distributed using the smeared
crack method. The behavior of the matrix of a rock sample is considered to be an
elasto-plastic porous media following Drucker-Prager description. And for the hard
inclusions, it is simplified to be elastic. More than 30 numerical cases are run for
studying the influences of ratio of fluid viscosity, injection rate, permeability and tensile
strength.

The next section provides a brief introduction to the smeared crack mode for
hydraulic fracture simulations. The modeling methods for a heterogeneous rock are
introduced in Sect. 3. Section 4 describes the characteristics of hydraulic fracture under
different parameters. The paper ends with some conclusions in Sect. 5.

2 A Smeared Crack Model for Hydraulic Fracture
Simulation

The smeared crack model used in the present paper is introduced by Li et al. (2016,
2017), which is based on the framework of a fully coupled, pore pressure-solid phase
interaction formulation. The major equations for the intrinsic permeability modification
relating to effective mean stress (rʹm) and tensile strength (Pt) are listed as belows.

K ¼ 1þ h
2

KUB þ 1� h
2

K0 ð1Þ

h ¼ tanhðnðr0m � PtÞÞ ð2Þ

The variable K is the hydraulic conductivity in the FEM software ABAQUS. The
parameter K0 and KUB are the initial hydraulic conductivity of rock and the upper
bound value after fracturing, respectively. KUB = 0.1 m/s is adopted in the paper. The
damage coefficient n influences the change rate of hydraulic conductivity that is first
small and then becomes large, this feature has been studied by Li et al. (2016).

The effects of fluid mixture between the original fluid and injection fluid in the
crack zone is considered by using Corey correlation (Corey 1954; Brooks and Corey
1964) which has been adopted by Li et al. (2016, 2017). Equations for the relative
permeability (kr) calculation are

kr ¼ kr0
Sw � Swi

1� Swi � Sorw

� �Nw

ð3Þ
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Sw ¼ U0 1� Uð ÞSw0 þU� U0

U 1� Uð Þ ð4Þ

where Swi is the irreducible (minimal) degree of water saturation, and Sorw is the
residual oil saturation after flooding by water. The physical property kr0 is called the
end point of the water relative permeability. Sw is the degree of saturation. The variable
U is porosity of a rock sample with U0 being its initial value. In order to simplify the
problem, we assume Nw = 3.66, Swi = Sorw = 0.15, kr0 = 0.5 for the case study in the
paper.

3 Heterogeneous Rock Sample Modeling

The rock sample used in the paper is modelled according a section from underground
near –1054 m. The outline of inclusions is enhanced by using MATLAB script (pro-
grammed by Yaqian Liu, McMaster University). The sketch of the model was finally
generated by AutoCAD, and then the mechanical model was imported to ABAQUS
software. The hard inclusions extracted from the section is randomly positioned. To
reduce the influence of horizontal boundary condition, the matrix part of the model is
extended to be 890 mm in width. The height of mechanical model is 300 mm. The
finite element mesh of matrix and inclusions are shown in Fig. 1. The plane strain
8-node biquadratic displacement, bilinear pore pressure element (CPE8P) is used in the
present paper. There are totally 31430 nodes and 10437 elements in the mesh.

Comparing with a field problem, the mechanical model adopted in the paper can be
considered to be a material point, so the gravity influence is omitted and the total stress
state are set to be constant through the whole model with vertical stress, horizontal
stress and pore pressure being 29.13 MPa, 19.77 MPa and 10.34 MPa, respectively.

890

30
0

Fig. 1. Finite element mesh of a rock sample with hard inclusions randomly distributed and
element and node number near injection.
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The flux rate (for applying injection pore pressure) is applied on a 2 mm length line
located at the center of the finite element model, shown in Fig. 1. The displacement
boundaries are applied on horizontal direction on both side of the model and vertical
direction on the bottom of it. The pore pressure on the four edge of model is equal to
10.34 MPa. Material properties of the rock matrix from field tests are listed in Table 1.
The hard inclusions are assumed to be elastic during the simulations.

4 Characteristics of Hydraulic Fracture

The injection pore pressure and equivalent opening of hydraulic fracture versus
injection time are studied in the section. Influence of material properties of rock matrix,
tensile strength and permeability, are first carried out. The ratio of fluid viscosity
between injection fluid (linf) and original fluid (lpf) is the second parameter studied
with two levels. Finally, the influence of flux rate is performed. Details of parameters of
rock sample for case study are listed in Table 2.

When the tensile stress and hydraulic conductivity are 13.8 MPa and 5.0E–7 mm/s,
take the cases with flux rate being 3 and 9 mm/s as an example. The effective mean
stress distribution is shown in Fig. 2. The fractured zone is where the effective mean
stress becomes tension.

Table 1. Material properties of rock matrix and hard inclusion.

Property Name Rock matrix Hard inclusion

Logarithmic bulk modulus 0.001 –

Permeability (mm/s) 5.0E–7 –

Tensile strength (MPa) 13.8 –

Friction angle (°) 30 –

Dilation angle (°) 10 –

Elastic modulus (GPa) 13.4 41.4
Poisson’s ratio 0.33 0.33

Table 2. Parameters considered in the case study.

Tensile strength
(Pt, MPa)

Hydraulic conductivity
(k, mm/s)

Ratio of fluid viscosity
(m = linf/lpf)

Flux rate
(V, mm/s)

13.8 5.0E–5 1, 100 96, 144, 192, 240, 300
13.8 5.0E–7 1, 100 3, 9, 24, 48, 96
15.3 5.0E–7 1, 100 3, 9
12.3 5.0E–7 1, 100 3, 9

60 M. Li et al.



4.1 Stress Path Characteristics

The stress path results are plotted according to the cases with tensile strength, hydraulic
conductivity and ratio of fluid viscosity being 13.8 MPa, 5E–7 mm/s and 1, respec-
tively, as shown in Fig. 3. Comparison under different flux rate from 3 mm/s to
96 mm/s can be observed from this figure. When the flux rate is lower, e.g. 3 mm/s, the
shear stress initially increases and then decreases to zero. For the high flux rate, e.g.
96 mm/s, the shear stresses is directly decreasing to zero. The effective mean stress (rʹm)
changes from compressing to tension no matter what the condition of flux rate is. When
rʹm becomes tension, the hydraulic fracture appears and the hydraulic conductivity
(K) of the fractured element will be modified according to equations form (1) to (4).

Fracture zone

Inclusions

Fig. 2. Effective mean stress distributions with flux rate being 3 and 9 mm/s, respectively.
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Fig. 3. Stress path of injection element 7821 under different flux rate with tensile strength,
hydraulic conductivity and ratio of fluid viscosity being 13.8 MPa, 5E–7 mm/s and 1,
respectively.
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4.2 Characteristics of Breakdown Pressure

Breakdown pressure (Pbp) is one of the most important parameters in hydraulic frac-
turing technique. It is calculated by the maximum value of the pore pressure during the
injection procedure. Results of breakdown pressure are plotted in Fig. 4 for case study
listed in Table 2. Besides the stress state and material properties near injection, the
viscosity of injection fluid is also an important factor to the Pbp. When the ratio of fluid
viscosity m changes from 1 to 100, the Pbp increases 15*35 MPa when the flux rate
increases from 100 to 300 mm/s. When we keep m = 1, the hydraulic conductivity
K decreases from 5E–5 to 5E–7 mm/s, the Pbp increases a level about 25 MPa.

4.3 Injection Pore Pressure Under Different Flux Rate

The initial part of injection pore pressure versus injection duration are plotted in Fig. 5
with flux rate changing from 3 to 96 mm/s. The whole propagation could be divided
into two part: cracking and propagation. The cracking starts at the very beginning of the
fluid injection. When the flux rate increases, the propagation pressure increases too.

4.4 Equivalent Opening Under Different Flux Rate

Since the smeared crack model is adopted in the paper, there is no explicit fracture in
the simulation results. The equivalent opening is used, and its definition in the case
study is the displacement difference in horizontal direction between node 1 and node 5
as shown in Fig. 1. We take the case (parameters of tensile strength, hydraulic con-
ductivity and ratio of fluid viscosity are 13.8 MPa, 5E–7 mm/s and 100, respectively)
as the example, the increasing of flux rate influences the equivalent opening, as shown
in Fig. 6.
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Fig. 4. Breakdown pressure of injection element 7821 under different flux rate with tensile
strength being 13.8 MPa, considering two level of ratio of fluid viscosity (1 and 100) and
hydraulic conductivity (5E–5 mm/s and 5E–7 mm/s).
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5 Conclusion

A smeared crack model is adopt in the present paper for studying the characteristics of
hydraulic fracturing considering a heterogeneous rock matrix with hard inclusions
randomly distributed. The stress path, breakdown pressure, injection pore pressure and
equivalent opening are well simulated in the paper. Results shows that (1) the smeared
crack model is useful for simulating the part of hydraulic fracture procedure before
crack closing; (2) the viscosity of injection fluid is also an important factor to the
breakdown pressure; (3) The equivalent opening could be used for checking the
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Fig. 5. Injection pore pressure at the beginning period from 0 to 0.01 s under different flux rate
with tensile strength, hydraulic conductivity and ratio of fluid viscosity being 13.8 MPa,
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Fig. 6. Equivalent opening under different flux rate with tensile strength, hydraulic conductivity
and ratio of fluid viscosity being 13.8 MPa, 5E–7 mm/s and 100, respectively.
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opening state in the selected smeared crack model, and the increasing of flux rate
influences the equivalent opening.
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Abstract. This work presents numerical simulations of the excavation-induced
fractures around galleries in Andra Underground Research Laboratory
(URL-MHM) in France. An instrumented gallery with geological surveys of the
surrounding fractures network was taken as case study. Fractures form a system
of distinct, almost parallel discontinuities surrounding the excavation. Finite
Element simulations with joint elements (JFEM) constituting the potential
fractures were performed to reproduce their spacing and length in the rock.
A damage cohesive fracture model representing the stress-displacements beha-
viour and failure of discontinuities was used. Two configurations were analysed.
The first one consists in a JFEM model with a single joints series to analyse the
fracture evolution. The second one considers the occurrence of multiple frac-
tures around the gallery. Here, the maximal cracks length approximates correctly
the extension of the failure zone observed in-situ. The average radial dis-
placements at the tunnel wall are well estimated. The constitutive modelling and
numerical tools introduced in this work contribute to improve rock fracturing
simulations in deep rocks tunneling.

Keywords: Fracturing � Cohesive model � Damage-softening � Galleries
Joint-enriched FEM

1 Introduction

This work proposes to model the fractures occurrences around galleries excavated in
the Andra Underground Research Laboratory, located in the Meuse-Haute-Marne
department, France (URL-MHM). An anisotropic initial stress state is observed in the
Callovo-Oxfordian claystone at the main level of the URL, at −490 m: vertically,
rv � 12.5 MPa, and, horizontally, rh � rv and rH � 16 MPa [1, 2, 11]. The GCS
gallery, excavated parallel to rH and with no support, was considered.

The damaged zone mechanically induced around galleries by the drifting action
was studied. In particular, it is possible to distinguish between an Excavation Damaged
Zone (EDZ), in which the hydro-mechanical properties in the gallery wall proximity
are modified and, farther, an Excavation disturbed Zone (EdZ) [2]. Mostly in the EdZ,

© Springer Nature Singapore Pte Ltd. 2018
L. Zhang et al. (Eds.): GSIC 2018, Proceedings of GeoShanghai 2018
International Conference: Rock Mechanics and Rock Engineering, pp. 65–73, 2018.
https://doi.org/10.1007/978-981-13-0113-1_8

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0113-1_8&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0113-1_8&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0113-1_8&amp;domain=pdf


analyses of core drillings unveil a homogeneous cracks pattern, consisting of shear
fractures. They expand deeper in the rock and form a system of distinct, almost parallel
fractures known as Chevron or herringbone fractures. Their propagation length in the
host rock should be limited to the area of EdZ. In the URL-MHM, it extends from 2 m
up to one diameter from the gallery wall. A reconstruction of their orientation for GCS
drift is reported in Fig. 1a. Figure 1b provides a 3D conceptual model deduced from
in-situ observations [2].

A model for the axisymmetric numerical simulations is proposed in Fig. 2. In
particular, Fig. 2a reports the bi-dimensional scheme already presented by Armand
et al. [2] while Fig. 2b reports the simplified model proposed in numerical simulations.
Chevron fractures are assumed to be mutually parallel with a certain inclination to the
drift wall, characterized by a spacing S and a propagation length �L. An initial
single-fracture problem is presented to analyse the fracture propagation and estimate
the model parameters. Then, multi-fractures simulations are presented, modelling the
fractures occurrence while the excavation moves forward.

Fig. 1. Setup of the excavation-induced fractures in the GCS drift. (a) Zoom on the shear zone.
(b) 3D conceptual model. Modified from [2].

Fig. 2. Axisymmetric schemes of the excavation-induced fractures. (a) 2D proposed model for
the case study along its longitudinal and horizontal plane, modified from [2]. (b) Conceptual
model for the numerical simulations.
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2 Constitutive Modelling

According to theory and observations, a progressive degradation of strength and
stiffness in the rock may induce fractures. Damage mechanics could describe these
phenomena. In the constitutive model adopted, material damage as yielding process
was integrated in the cohesive fracture framework proposed by Pouya and Bemani
Yazdi [9]. A cohesive fracture assumes the existence of a process zone ahead of the
crack tip with infinitesimal thickness [7]. Here, a cohesive constitutive law relates the
stress state r with the discontinuities displacements U. In a bi-dimensional modelling,
both r and U have two components, normal and tangential.

The fracture propagates when the failure criterion is equalized at the cohesive zone
tail (i.e. the physical fracture tip).

In case of compressive behaviour (fracture closing), the damage cohesive model
respects the condition of non-penetration of the cohesive surfaces, meaning un � � e
[3]. un is the normal component of the displacements vector U a e is the initial joint
aperture. The damage stress-displacements law for cohesive joints writes:

r ¼ 1� Dð ÞKUþ @U
@U

þ r0; U 6¼ 0 if un\0 ð1Þ

D is the damage variable, K the joints stiffness tensor and r0 the initial stress state.
The potential function U accounts for the differences between compression and
extension behaviours (respectively, un < 0 and un > 0).

At failure, fractures develop in mode I, II or mixed, according to the criterion
already proposed by Carol et al. [4]. The failure criterion, expressed as function of
tangential and normal stresses, s and rn, and damage, D, writes:

F r;Dð Þ ¼ s2 � r2n tan
2 uþ 2g Dð Þrnrc � g2 Dð ÞC2 ð2Þ

Fig. 3. (a) Damage law for different values of the parameter b. To be noticed that, with b > 1, g
(D) is not monotonic (hardening yielding). (b) Evolution of the failure criterion from the initial
surface at D = 0 to the residual frictional surface for D = 1; modified from [9].
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where rc relates the failure parameters: the cohesion C, the friction angle u and the
traction resistance. g(D) is the yielding law of the criterion, a function of damage D and
a parameter b describing the hardening/softening yielding process (Fig. 3a). If D = 1,
f turns into a Mohr-Coulomb failure criterion (purely frictional joint), as shown in
Fig. 3b [9].

3 Numerical Modelling

Axisymmetric simulations were performed with the Finite Element code POROFIS [7],
developed for hydro-mechanical coupling in porous and fractured media. It enables to
create FEM meshes containing built-in discontinuities modelled with joint elements [5]
(JFEM). Discontinuities in the displacement field may exist with the relative stress
values that verify the constitutive laws at the integration points. Fruitful applications of
POROFIS in cracking modelling may be found in the works of Nguyen [8] and Vo [10].

The stress tensor r0 (Table 1) was used as initial geostatic stress state [1, 2, 11] for
every simulation presented, before the excavation. Potential fractures are located in
correspondence of consecutive joint elements and the damage cohesive model was
assigned as constitutive law. The rock matrix was modelled by linear elasticity with
E = 4000 MPa and m = 0.25 (e.g. [1, 2]).

Firstly, a single-fracture simulation was performed to analyse the crack generation
and evolution. The model is reported in Fig. 4. The gallery excavation was simulated
through a steady state unloading rT applied up to the fracture tip, along the wall. The
axis system (x; y) corresponding to the principal stress directions is reported.

For the multi-fractures simulations, the numerical method simulating the excavation
is following introduced. The excavation was applied to the model in Fig. 5, including
44 potential fractures, as sequences of joint elements, parallel and equally distant.

To simulate the advancement of a front excavating the gallery, the function d(y, t)
in Eq. 3 below was defined along the drift axis, y, and in time, t. It varies asymptotically
between (0; 1) from the initial excavation time t0 to the final, tfin:

dðy; tÞ ¼ 1
2

1� tanh
y� y0 � V � t

eyELEM

� �� �
ð3Þ

y0 is the (optional) excavation offset, V the excavation velocity and ~yELEM a
parameter related to the mesh size. It results d(y, t = t0) ! 0 and d(y, t = tfin) ! 1 for
every y within the excavation length, equal to 60 m for the model in Fig. 5.

Table 1. Components of the initial stress tensor imposed in each simulation.

Principal stress component Value (MPa)

rxx,0 −12.5
ryy,0 −16.0
rzz,0 = rxx,0 (axisymmetric conditions) −12.5
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An initial normal stress, rn,0, acts on the gallery wall (pre-drifting conditions).
According to the reference system, rn,0 = rxx,0 (Table 1). The following relation was
introduced as a time-dependent boundary condition at the gallery wall, for the
excavation:

rxx y; tð Þ ¼ � rn;0 � d y; tð Þ ð4Þ

Fig. 4. Single-fracture model with the unloading boundary conditions rT, simulating a 40 m
excavation. The potential fracture is located in correspondence of the finest mesh inside the
domain.

Fig. 5. Multi-fractures model. On the right, boundary conditions for the time-dependent
excavation are shown. Potential fractures are highlighted in green and are surrounded by a finer
mesh to locally enhance the stress-strain field computation precision.
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Defining d(y, t) according to Eq. 3, is possible to verify that rxx (y, t = t0) ! 0 and
rxx (y, t = tfin) ! − rn,0, for every y within the excavation length. In transient con-
ditions, the implementation of _rxx(the time-derivative of rxx) was required:

Ztfin

t0

_rxxds ¼ � rn;0 ! _rxx ¼ @

@t
� rn;0 � d y; tð Þ� � ð5Þ

From Eq. 5, the time-dependent boundary condition writes:

_rxx y; tð Þ ¼ rn;0
2

V
~yELEM

1� tanh2
y� y0 � V � t

~yELEM

� �� �
ð6Þ

4 Results

4.1 Single Fracture Analyses

The result, shown in Fig. 6, was obtained by the steady-state unloading rT on the
model in Fig. 4. An intermediate and the final steps are reported in Fig. 6a. A brittle
fracture opening occurs at 0.18 ∙ rT meaning that several consecutive joint elements
reach D = 1 (complete failure). This corresponds, physically, to an instantaneous
dissipation of the elastic energy in the rock around the structure. Then, the fracture
propagates in a stable evolution, with only one joint element opening for a certain
unloading (Fig. 6b). The failure criterion parameters [1, 2, 6], the distance from the
tunnel wall and the choice of a monotonic damage law, g(D) (b � 1, according to
Fig. 3a), influence the combination of these mechanisms.

Fig. 6. (a) Initial unstable fracture opening (unloading = 0.18 ∙ rT), followed by a progressive
joint-by-joint cracking. (b) Length of the fracture progression with the unloading fraction.
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4.2 Multi-fracture Analyses

The validity of the Eq. 3 is tested and results are reported in Fig. 7 on an elastic model.
The same type of boundary conditions shown in Fig. 5 are applied to simulate the
excavation. The function d(y, t) is plotted along 2 m, for five time steps, tn, such that
tn � tn�1 ¼ n � Dt. Each tn corresponds to the moment when the excavation front
crosses the vertical coordinate yn ¼ V � tn. In Fig. 7, it is verified, for every
tn; d y; t ¼ tnð Þ ! 1 for y � yn (excavation occurred) and d y; t ¼ tnð Þ ! 0 for y [ yn
(excavation not yet occurred).

Figure 8 shows the results of the unloading process, according to Eqs. 3–6, applied
to the model in Fig. 5, at the end of the excavation (t = tfin). A unique velocity
V = 2.3 m per week was assumed, corresponding to approximately 6 months to com-
plete the excavation of 60 m. In Fig. 8a and b, the opened fractures and the radial
displacements, ur, are shown, respectively to the left and right of each figure. A sensi-
tivity analyses was performed on the tensile strength of the potential fractures, with a
variation from 1.5 MPa [6] (Fig. 8a), to 1 MPa (Fig. 8b). In Fig. 8a, a coupled-fractures

Fig. 7. Test for the function d(y, t) in Eq. 3. Each line in colour defines the excavation front
at tn.

Fig. 8. (a) Damage on joints and displacements (m) for the model in Fig. 5, applying the
transient excavation method in Eqs. 3–6. (b) Analogue results reducing the joints tensile strength
from 1.5 to 1 MPa.
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pattern was obtained with about half of the potential fractures activated. The fracture
length is in the range of the EdZ extension observed in-situ (�L varies between 4 and
4.5 m) but the average displacement at the tunnel wall results slightly overestimated
with respect to in-situ monitoring [1, 2], according to values reported in Table 2. In
Fig. 8b, fractures �L is similar to the same result in Fig. 8a. Moreover, the average
displacement estimates better the short term convergences measured along the instru-
mented gallery wall (Table 2). With respect to Fig. 8a, a smaller fraction of activated
(damaged) fractures on the total amount was obtained, corresponding to 20% of the 44
potential discontinuities. The spacing S varying from 2.5 to 8 m. Differently from the
displacements at the gallery wall and the estimated fractures length, there are no cor-
responding field observations for S, according to literature reviews.

5 Conclusion and Perspectives

Excavation-induced fractures around galleries were numerically modelled with a
hardening\softening damage cohesive model for discontinuities with a JFEM geo-
metrical discretization. Geological surveys of the gallery wall displacements and
damage extension in Andra URL constituted the validation references, for an instru-
mented case-study gallery. A first single-fracture problem allowed a study of the model
functioning for the forthcoming simulations and the evolution of the joint elements
opening was analysed. Multi-fractures simulations showed a periodicity in the fractures
occurrence together with a correct estimation of their length, related to the extension of
the damaged area around the gallery. By a sensitivity analysis on the discontinuities
failure criterion, a reduced amount of opened fractures (where D = 1) on the totality
was obtained, in both multi-fractures simulations (Fig. 8a and b). Hence, it is possible
to affirm that the number of the potential discontinuities set in the mesh was sufficiently
high. This confirms the validity of the numerical model. The second multi-fractures
simulation (Fig. 8b) provides a good estimation of the radial displacements at the
gallery wall.

In general, the numerical methods introduced propose, possibly, a contribution in
the simulation of the short-term mechanical response of rock fracturing due to
underground excavations. This is performed, at the same time, through a constitutive
model accounting for physical degradation of the material (i.e. damage) and numerical
tools simulating conveniently the discontinuities and the excavation process.

Further developments of this work will account for a better modelling of residual
fractures conditions due to damage, together with more sensitivity analyses of the

Table 2. Measured displacements at the gallery wall (uH, horizontal and uV, vertical) [1, 2],
average radial displacement, ur, and correspondent values numerically estimated, �ur , according to
Fig. 8a and b.

uH (mm) uV (mm) Average ur (mm) �ur (mm)

*20 *10 *15 19.2 Fig. 8a
17.2 Fig. 8b
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failure parameters related to the fractures spacing, S. On numerical aspects, changes in
the excavation parameters (time, velocity) and mesh size or structure dependencies will
be considered.
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Abstract. The effects of the fracture aperture and orientation on the behaviour
of weak rock were numerically investigated using discrete element method
(DEM). In this study, the mechanical behaviour of the intact and fractured rock
specimens was simulated by adopting the discontinuum based software PFC3D.
The rock specimens with various fracture apertures and orientations were
replicated, and the effects of these two fracture characteristics were studied
through triaxial tests. The flat-joint model was employed for simulating the
stress-strain behaviour of intact rock and had the ability to reproduce the
cementation effect. The smooth-joint contact model was utilised to simulate the
sliding effect of the fractures. The effects of five different fracture orientations
were investigated in the combination of three different fracture aperture cate-
gories, namely very tight, open, and moderately wide. It can be concluded that
the strength of the fractured weak rock specimens reduces as the fracture
aperture width increases. The amount of alternation in strength and deforma-
bility that were contributed by fracture apertures differed with the orientations of
the fracture. With the fracture orientation that was parallel to the deviatoric
loading, the effect of fracture aperture on the strength and deformability of the
specimens was less evident.

Keywords: Fracture aperture � Fracture orientation � Weak rock

1 Introduction

The existence of fractures and discontinuities contributes to the complexity of inves-
tigating the mechanical behaviour of rock masses significantly [1–5]. The fracture
characteristics such as the fracture aperture and orientation can influence the strength
and deformability of rock mass to different extent [1, 2, 4]. The fracture aperture largely
affects the overall strength of rock mass, and can be classified into different categories
based on the opening width [1, 5]. The fracture orientation alters the failure mode and
diminishes the strength of the rock mass [1, 2, 5, 6]. Certain laboratory and numerical
studies have investigated the effects of fracture orientation on the mechanical behaviour
of rock mass subjected to unconfined compressive loading [4, 5]. In this study, the
combined effects of the fracture orientation and aperture on the strength and
deformability of weak rock specimens have been numerically investigated under
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triaxial confined conditions. The discrete element method based on particle mechanics
has been adopted in this study, which allows explicit consideration of the discrete
nature of the rock mass, replicating the natural fractures, and reproducing the
cementation degradation effect of cemented soils [3, 5, 7, 8, 10, 11]. For a controlled
fracture density, various fracture orientations and apertures have been simulated by
employing the particle flow code in three-dimension (PFC3D).

2 Discrete Element Simulation

The numerical model of the intact specimen was initially calibrated with the experi-
mental data reported for weak weathered porphyrite rock samples by Sun et al. [9]. The
numerical results were compared with the triaxial test measurements for a confining
pressure of 392 kPa of the weak rock specimen. In the numerical simulation, two types
of contact models were adopted to replicate the mechanical behaviour of the rock mass,
namely, the flat-joint model and the smooth joint contact model. The former was
adopted for the simulation of the intact rock specimen, which could simulate the
particle contacts using rigidly connected surfaces. These surfaces could be further
discretised into 4 elements, and each element allowed sole breakage, which could result
in the partial damage of the contact bonds. The later was applied to the discrete fracture
network to replicate the natural fractures. The discrete fracture network was introduced
into the rock specimen as circular shaped plates, then the smooth joint contact model
was assigned to the particles which had the contacts lied on both sides of the fractures.
The illustrations of the flat joint model between particles, the smooth joint contact
model for fractures, the fracture orientation (a), and the fracture aperture (x) are shown
in Fig. 1(b).

Particles

100 mm

100 mm

200 mm

X

Y

Z

(a) (b)

Fracture

Smooth-joint 
contact

Flat-joint 
contact

ω
α

Fig. 1. (a) Numerical model of the intact rock specimen, and (b) numerical representation of the
rock grains with the flat-joint contact and the fracture with the smooth-joint contact
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2.1 Calibration of Micro-parameters for the Intact Rock Mass

The numerical model of the intact rock specimen is shown in Fig. 1(a), which has the
dimensions of 100 � 100 � 200 mm and contains 32,500 particles. Particles were
randomly distributed with a median diameter of 3.5 mm. Calibration of micro-parameters
for the flat-joint model was carried out by simulating the triaxial test in which the
specimen was loaded with the isotopic compression pressure of 392 kPa. To replicate the
behaviour of the rock accurately, the void ratio of 1.25 was obtained after the confining
pressure of 392 kPa was reached, which had the same value as the experimental mea-
surements. Then the axial loading was applied on the top and bottom walls at a low speed
to keep the specimen under quasi-static equilibrium. The side walls were controlled by a
wall-servo mechanism to maintain the cell pressure throughout the test.

The strength and deformability of the specimen were mainly controlled by the
normal and shear stiffness values of the interface at particle contacts. The shear strength
was controlled by cohesion and friction angle at contacts. In order to replicate the
macro-mechanical behaviour of the weathered porphyrite, numbers of trial-and-error
processes were conducted until the stress-strain behaviour could be properly predicted
in the numerical model. In this study, to replicate the mechanical behaviour of the weak
rock, both the adopted normal stiffness and shear stiffness at contacts were 0.7 GPa/m,
and the adopted cohesion, tensile strength and friction coefficient at contacts were
50 MPa, 10 MPa and 0.5, respectively. As shown in Fig. 2, the numerical prediction of
the strength and deformability of the intact rock specimen had a good agreement with
the experimental results with the adopted micro-parameters.

2.2 Modelling of Fractured Rock Mass

The discrete fracture network and smooth joint contact model were adopted for sim-
ulating the rock fractures. Similar to previous research works [2, 5], reduced contact
normal stiffness and shear stiffness were adopted to simulate the fractures since the
strength of the fractures should be weaker than the intact grain assembly. Fractures
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Fig. 2. The stress-strain curve of experimental measurements and model predictions of the intact
rock specimen for confining pressure of 392 kPa
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were randomly distributed into the system with orientations (a) of 0°, 30°, 45°, 60°,
and 90° to the loading direction of the cell pressure, as illustrated in Fig. 3. A con-
trolled fracture density n = 7 m2/m3 (known as the fracture area over the volume of the
specimen) was adopted to study the effects of fracture apertures and orientations on the
mechanical behaviour of the weak rock specimens. The fracture aperture was simulated
by controlling the contact gap of the smooth joint contact model. Indeed, by intro-
ducing a particular fracture aperture (x), the two sides of fracture would not contact and
exchange forces unless the gap was closed during the analysis. The adopted fracture
aperture (x) values in this paper were 0, 1, and 4 mm, which corresponded to very
tight, open, and moderately wide fracture opening, respectively [1]. The fracture
characteristics of the tested fracture specimens are summarized in Table 1. In order to
analyses the effects of these two fracture characteristics (i.e. orientation and aperture),
the fractured specimens were subjected to the same isotropic compression pressure as
the intact specimen reported in the calibration exercise.

3 Effects of Fracture Orientation on the Mechanical
Properties of Fractured Rock

As expected, the fracture orientation influences the strength of the fractured specimen
as shown in Fig. 4. It is noted that the lowest value for the ratio of deviatoric stress at
15% axial strain of the fractured rock specimen to the corresponding value for the intact

σ1

σ1

σ3 σ3

σ3
α

Fig. 3. Representative of fractured rock specimen with the fracture orientation (a) to the
direction of cell pressure

Table 1. The fracture apertures and orientations investigated in the study

Fracture aperture description Width of aperture, x (mm) Fracture orientation, a (degrees)

Very tight 0 0, 30, 45, 60, 90
Open 1 0, 30, 45, 60, 90
Moderately wide 4 0, 30, 45, 60, 90
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rock specimen, namely the normalized deviatoric strength, was encountered when
fracture orientation a = 45° was adopted. With the same fracture aperture width, when
a = 45°, the particle assembly was more likely to slide on the fracture plane compared
to other fracture orientations. Similar to [2, 5], for these steeper fracture planes (i.e.
a = 45° and 60°), the sliding on the fracture plane was more obvious. The fracture
plane was weaker than the intact grain assembly, hence, with the failure in the intact
material, the sliding effect would result in further reduction in the strength. However,
when a = 90°, the existence of fractures had the least effect on the reduction of
strength. In this case, since the fracture orientation was parallel to the axial loading
direction, the fractures and the slip surfaces between grains were not aligned. Com-
paring to the intact specimen, the most reduction in normalized deviatoric strength at
15% axial strain was encountered in the specimen with 45° moderately open fracture
(i.e. a = 45° and x = 4 mm).

The deformability of the fractured specimens was varied for different fracture
orientations. Since the fractures did not dilate in this study (i.e. dilation angle = 0), no
volume change during shearing of fractures were expected. Therefore, as shown in
Fig. 5, the fractured specimens had less volume change compared to the intact spec-
imen. It is noted that for a given fracture aperture, for the specimens with a = 45° and
60°, the volumetric strains of specimens with a = 45° and 60° were less than the
corresponding values for the specimens with a = 0° and 30°. Furthermore, as the
facture has been distributed randomly, the effect of random distribution with different
distribution methods on the stress-strain behavior of fractured rock can be studied
further in future.
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Fig. 4. Normalized deviatoric strength at 15% axial strain of fractured specimen for different
fracture orientations and apertures
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4 Effects of Fracture Aperture on the Mechanical Properties
of Fractured Rock

As plotted in Fig. 6, for the fracture orientation a = 30°, the strength of the fractured
rock specimens decreased with increasing fracture aperture. The specimen with mod-
erately wide fracture aperture (i.e. x = 4 mm) had a 12% further reduction in strength,
comparing to the specimen with very tight fracture aperture (i.e. x = 0). It is noticed
that the specimens with larger fracture apertures experienced more deformation under
the same deviatoric stress.
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Referring to Fig. 4, the extent in which fracture aperture contribute the reduction in
the strength of the rock specimens depends on the orientations of the fractures. With
different fracture apertures, the changes in strength were the least for the specimens
with a = 90°. In contrast, the most alteration was encountered for the fracture orien-
tation of 30°. When a = 90°, the fracture aperture could close during the isotropic
compression loading, while this phenomenon would readily evident for inclined
fractures. Therefore, the effects of the fracture aperture were minimal for the specimens
with fracture orientation of 90°. Referring to Fig. 6, for a given deviatoric stress,
samples with wider aperture experienced larger axial strains. This can be attributed to
the fact that more shear forces would be mobilized in the intact parts of the specimen
inducing more axial displacement.

As expected, at a given deviatoric stress (e.g. 600 kPa), the fractured specimens had
higher volumetric strains (attributed to larger axial displacement of dilative material)
comparing to the intact rock specimen, as illustrated in Fig. 7. As the studied weak rock
specimen had a high void ratio of 1.25, the specimens only experienced contraction
during shearing. As increases the fracture aperture, more volume contraction was
observed for fracture orientation of 0°, 30°, 45° and 60°, while for a = 90°, the effect of
fracture apertures on volume change was insignificant. Moreover, as the effect of
apertures on permeability has not been considered in this paper, hence, further study
inspired by the effects of excess pore water pressure can be studied in future [12, 13].

5 Conclusions

In this study, the effects of fracture aperture and orientation on the strength and
deformability of weak rock specimens have been investigated numerically using dis-
crete element method. Two contact models have been adopted, namely the flat-joint
model and smooth-joint contact model, to simulate the cementation effects of the rock
mass and sliding effects of fractures, respectively. For a given fracture density, com-
parisons on the strength and deformability of rock specimens have been conducted
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through triaxial tests on 15 series of tests with fracture apertures of 0, 1 and 4 mm, and
fracture orientations of 0°, 30°, 45°, 60° and 90°. It can be concluded that:

1. The fracture aperture could diminish the strength of the weak rock specimen; as the
fracture aperture increased, the strength of the fractured specimens reduced.

2. The extent in which fracture aperture alters the strength and deformability of rock
specimens depends on the orientation of the fractures.

3. It is noticed that with the fracture orientation parallel to the axial loading direction,
the diminishing effects of fracture aperture on the weak rock strength was minimal.

4. In contrast, the fracture apertures influenced the strength and deformability of the
rock specimen with inclined fractures.
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Abstract. The dynamic response of underground structures and jointed rock
masses remains lack of effective evaluations owing to the high complexity of
rock masses and seismic waves. This study investigates numerically the seismic
response of a tunnel structure and the surrounding rock mass subjected to a
harmonic S-wave by using the DEM (Distinct Element Method) code of UDEC,
and the effects of joint spacing, joint stiffness and wave frequency on the seismic
response of tunnel lining and rock mass are evaluated. For a given wave fre-
quency, the Peak Particle Velocities (PPVs) of the tunnel lining decrease as the
joint spacing increases. The joint stiffness (including the normal and shear
stiffness) has opposite effects on the PPVs of tunnel lining and surrounding rock
mass. For given properties of joints, the PPVs decrease as a result of an
increasing wave frequency. In addition, the study reveals that stress concentration
occurs near the top of the tunnel vault. The main results could provide a technical
support for the stability analysis and seismic design of underground structures.

Keywords: Distinct Element Method � Seismic response � Jointed rock mass
Underground structure � Joint properties � Wave frequency

1 Introduction

The seismic analysis of underground structures has gained a growing emphasis due to
the rapid development of underground engineering and the frequent occurrence of
earthquakes in recent years [1]. Owing to the brokenness of jointed rock masses and the
irregularity of seismic waves, the dynamic problems of underground engineering are
extremely complicated, and have not yet been satisfactorily solved so far.

To date, lots of efforts have been made to investigate the seismic response of
underground structures using theoretical and experimental methods [2, 3]. However,
both of these two methods have some limitations in solving complex problems. E.g., the
theoretical method is difficult to deal with the problem with random joint distribution,
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and the experimental method has limitations in establishing large-scale models and in
setting up reliable boundary conditions.

Currently, many researchers have tended to numerical solutions. Some numerical
methods based on the continuum mechanics such as Finite Element Method (FEM) are
generally difficult to make an accurate prediction of the mechanical response of frac-
tured rock masses. Thereby, the Distinct Element Method (DEM) has an increasing
application in recent years. The common DEM treats the rock masses as a combination
of discrete blocks and contacts between them, in which the blocks represent rocks and
the contacts represent joints [4]. To date, there have been many attempts to verify the
reliability of DEM in dynamic analyses and to acquire new understanding of seismic
response of jointed rock masses [5–7]. Zhao et al. [6] investigated the normal trans-
mission of S-waves across parallel fractures with Coulomb slip behavior, and a set of
recurrence equations were developed. Zhu et al. [7] studied numerically the wave
transmission in jointed rock masses, and multiple parameters were considered and
analyzed.

The previous studies have confirmed the reliability of the DEM code of UDEC in
dynamic analysis and conducted many parameter studies on wave transmission in
jointed rock masses. However, the seismic behavior of tunnel structure in the jointed
rock masses is still lack of sufficient and systematic study. This paper investigates the
seismic response of a lined tunnel structure in jointed rock masses under a harmonic
S-wave by using the code of UDEC. Due to that the joint spacing and stiffness affect
the strength and deformation properties of rock masses, and the frequency is an
important parameter of seismic wave, the effects of the above parameters on seismic
response were evaluated. The Peak Particle Velocities (PPVs) and shear stress distri-
bution in the tunnel lining and rock masses were analyzed.

2 Establishment of Numerical Model

The numerical model has a rectangle shape with the size of 60 m � 80 m (H � L),
and a U-shaped tunnel is located in the center of the model (see Fig. 1). The buried
depth of the tunnel is set to 200 m. The cross section of the tunnel has a radius of
R = 3.6 m, a height of h = 4.0 m, and a width of w = 8.0 m. The lining structure with
a uniform thickness of t = 0.4 m is set inside the tunnel. Note that the tunnel section in
the dashed frame is enlarged for highlighting. Commonly, the joints existing in rock
masses appear in sets with almost the same dip angles. Therefore, a set of parallel joints
with a specific dip angle of h = 45° is set in the model. The joint spacing s is defined as
the normal distance between two adjacent joints.

Table 1 shows the physico-mechanical properties of the numerical model. In this
study, the mechanical behavior of rocks was simulated using the Mohr-Coulomb
model, and the physico-mechanical properties referred to the limestone commonly
encountered in engineering practices [8]. Considering that the Mohr-Coulomb joint
model can simulate effectively the deformation behavior of large-scale joints, the
Mohr-Coulomb joint model was adopted to characterize joints, and the joint properties
also referred to literature [8]. The tunnel lining was modelled by using the elastic
model, and the mechanical properties of C25 concrete were utilized [9].
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Generally, the S-wave causes larger damage to structures than the P-wave, and the
complex seismic wave can be decomposed into a series of simple harmonic waves with
different frequencies and amplitudes. To simplify the calculation, a harmonic incident
S-wave was considered, which propagated in the rock masses from the bottom of
model and passed across the lined tunnel (see Fig. 1). It was assumed that the wave
amplitude A is 1.95 cm/s (the corresponding acceleration is 0.1 g, equating to a
7-magnitude earthquake), and the wave duration t is 10 s.

The viscous boundaries were applied to the top and the bottom surfaces of
numerical model to remove reflected wave. Due to that it is hard to apply velocity wave
to the viscous boundary, a stress wave boundary condition was used at the model
bottom. Besides, the free-field boundaries were applied to the both lateral boundaries of
model, and thus the fixed-size model could be regarded as infinite in the horizontal
direction.

Seismic behavior was measured at 18 points in the tunnel lining and rock masses.
The monitoring points, as denoted by red dots in Fig. 1, were numbered orderly, in
which M1–M10 corresponded to the points in the tunnel lining, and M11–M18 cor-
responded to the points located in the rock masses.

Fig. 1. The numerical model and the tunnel and rock mass structures.

Table 1. Physico-mechanical parameters of the numerical model [8, 9].

Parameters Index (Unit) Joint Lining Rock

Density q (kg/m3) - 2500 2200
Young’s modulus E (GPa) - 28 28.5
Poisson’s ratio m (-) - 0.2 0.29
Friction angle u (°) 25 - 42.0
Cohesion c (MPa) 0.84 - 6.27
Uniaxial compressive strength rc (MPa) - 16.7 72
Tensile strength t (MPa) 0.1 1.78 1.58
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3 Numerical Results and Analysis

The Peak Particle Velocities (PPVs) can directly reflect the vibration behavior of rock
masses and lining, and the shear stress is a key factor to characterize the dynamic
response. In order to study the effects of joint spacing s, joint stiffness (normal stiffness
kn and shear stiffness ks) and wave frequency f on the seismic response of tunnel lining
and surrounding rock masses, the PPVs and shear stress were monitored during
numerical simulation.

3.1 Influence of Joint Spacing on Seismic Response

Figure 2 shows the variation tendencies of PPVs at all monitoring points with the joint
spacing, and the related shear stress contours of the model are shown in Fig. 3.

From Fig. 2, it can be confirmed that the PPVs of all monitoring points are generally
larger than the amplitude of incident wave (A = 1.95 cm/s) due to the superposition of
reflected and transmitted waves among joints. The joint spacing has an obvious influ-
ence on the seismic response of tunnel structure and rock mass. As shown in Fig. 2(a),
the PPVs of tunnel lining first decrease remarkably and then tend to a relatively stable
value, as s increases from 4 to 11 m. This vibration tendency may be due to the decrease
of multiple wave superposition [4]. In the region around the tunnel, the reflected,
transmitted and incident waves that arrive at the same time superimpose with each other
to control the overall vibration. The change of s affects the superposition of waves in
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Fig. 2. Variation tendency of PPVs with joint spacing.
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Fig. 3. Shear stress contours of the tunnel (unit: Pa).
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this region. In the spacing range of this study, an increasing s enhances the possibility of
wave superposition of reverse-direction vibration, thus leading to the decrease of PPVs
of the lining. It can also be speculated that the larger the s, the more intact the rock
masses, which leads a relatively stable lining vibration under seismic loading.

Variation tendencies of the PPVs in rock masses at different height are different
with the increase of s (see Fig. 2(b)). First, the PPVs of the rock masses above the
tunnel (M11–M13) increase with s, due to that the integrity of rock mass is improved
and the attenuation effect of joints becomes weak as s increases. Besides, the increase
of PPVs in M11–M13 may also be caused by the participation of reflected waves at the
tunnel surface. Second, the PPVs of the rock masses below the tunnel (M16–M18)
decrease continuously with s due to the wave superposition of reverse-direction.

The joint spacing affects the stress distribution greatly. It can be concluded from
Fig. 3(a) that when s is small, the stress concentration of the tunnel vault is remarkable,
especially the left side vault has a maximum shear stress of around 10 MPa. The result
shows that, the dynamic loading can cause greater stress concentration in the weak area
with many joints, which leads to damage easily. However the values of the shear
stresses decrease as s increasing to 11 m. The maximum value is around 5 MPa. The
probable cause is that the relatively intact rock mass has a better ability to propagate
stress, and shear stress is reduced and the tunnel is safer.

3.2 Influence of Joint Stiffness on Seismic Response

The angle between the incident wave and the joints is 45°, therefore, both the normal
and shear stiffness make contributions to the deformation of joints, and thus they affect
the seismic response of the tunnel lining and rock masses.

Influence of Joint Normal Stiffness
The joint normal stiffness affects the PPVs greatly. The PPVs of tunnel lining
(M1–M10) and rock masses (M13–M18) are relatively large when kn is small, and
decrease significantly with kn increases, as shown in Fig. 4. The joints compression
deformation under seismic loading increases the continuity of the rock masses when kn
is at a low level. Therefore, the vibration of rock masses caused by wave superposition
is violent and thus causes the increase of the PPVs. As kn increases to a certain value
(kn = 5.0 GPa/m), all the PPVs are insensitive to the change of kn, and reach relatively
stable values. However, the PPVs of points below the tunnel (M16–M18) are obviously
smaller than the above ones (M11–M15) as shown in Fig. 4(b) and (c). This may be
due to that the reflected waves caused by the joints near the tunnel structure reversely
superimpose with the incident waves at the lower points, resulting in smaller PPVs.

The PPVs of some individual points (M11–M12) above the tunnel increase as kn
increases (see Fig. 4(b)). The reason might be that the barrier effect of the tunnel space
and the absorption effects of the joints on the seismic waves are better when kn is small.
And the waves can propagate with kn increases, which leads to the vibration of the
rock.

Effects of kn on stress distribution is not obvious. The shear stress of the right arch
reduce slightly when kn increase to 20 GPa/m as shown in Fig. 5. Because the com-
pressive deformation of joints decreases with the increase of kn.
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Influence of Joint Shear Stiffness
The joint shear stiffness has complex effects on PPVs. As shown in Fig. 6(a) and (c), the
PPVs of M1–M5 and M11–M13 increase remarkably as ks increasing from 0.0625-5.0
GPa/m. The S-wave will cause movements and slipping of joints, which results in the
energy consumption and attenuation of the seismic wave. Owing to that the energy of
the seismic wave is less absorbed by the joints with a large ks, the vibration can
propagate upward, leading to the increase of PPVs. Additionally, Fig. 6(b) and
(c) indicate that, as ks increasing from 0.0625 to 0.5 GPa/m, the PPVs of M6–M10 and
M16–M18 at the lower parts of the model show a certain declining tendencies. The
reflected waves caused by the free surface of the tunnel superposes the incident waves,

(a) The PPVs of tunnel lining    (b) The PPVs of M11-M15 at rock masses (c) The PPVs of M16-
M18 at rock masses
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leading to the violent vibration of the lower parts with a small ks. The reason for this
decline is that the vibration of rock masses is weakened with the increase of ks.

The representative stress contours of the tunnel with different ks are shown in
Fig. 7. Compared with the tensile and compressive deformations, the slip deformation
of joints is more easily to occur under the action of S-wave. Therefore, a smaller ks
results in greater stress concentration in the tunnel lining than kn. The joints are difficult
to slide and rub along surfaces when ks is large under seismic loading, and thus the
stress concentration area and shear stress of the tunnel lining decrease significantly.

kn and ks have different effects on the dynamic response of rock masses and tunnel
lining. The fundamental reason is that the slip deformation caused by S-wave increases
the discontinuity of rock masses, while compression deformation enhances the conti-
nuity. From the stress distribution characteristics, it can be concluded that s and ks are
two important properties of joints to focus on in seismic design of the tunnel structure.

3.3 Influence of Wave Frequency on Seismic Response

The wave frequency affects the PPVs greatly. As shown in Fig. 8, the PPVs of the
tunnel lining (M1–M10) and rock masses (M11–M18) decrease continuously with the
increase of f, and the lower the location, the greater the curves slope. This is ascribed to
that the jointed rock masses can be regarded as a low-pass filter [10], and seismic
waves are easily absorbed by joints with the increase of frequency, resulting in greater
attenuation of the energy and decrease of the PPVs.

(a) ks = 0.625 GPa/m                                    (b) ks =20 GPa/m

Fig. 7. Shear stress contours of the tunnel (unit: Pa).

(a) The PPVs of tunnel lining    (b) The PPVs of rock masses
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The stress contours of model with different f are almost the same (see Fig. 9), which
means that stress distribution of the tunnel lining is less affected when wave frequency
increases from 2 to 14 Hz. This might be due to that the study range of frequency
variation is not large enough to have a significant impact on the stress distribution.

4 Conclusions

(1) The PPVs of all monitoring points are enlarged due to the wave superposition. An
increasing s enhances the possibility of wave superposition of reverse-direction
vibration, thus leading to the decrease of PPVs of tunnel lining and rock masses
below the tunnel. And the PPVs in rock masses above the tunnel increase due to
the decrease of wave attenuation. Besides, the shear stress of tunnel with a small
s is larger, due to that the broken jointed rock masses are more easily to produce
stress concentration.

(2) Most of the PPVs are relatively large when kn is small, and decrease significantly
as increase of kn. Due to that the wave superposition and rock vibration are easily
to occur when kn is small. The PPVs of tunnel lining and rock masses in upper
parts increase as the increase of ks, while the PPVs of rock masses in lower parts
decrease. ks has a greater influence on the stress distribution of rock masses than
kn owing to the significant joint shear deformation caused by S-wave.

(3) The PPVs of the tunnel lining and rock masses decrease continuously as a result
of the increasing of wave frequency due to the low-pass filtering effects of joints.
A larger frequency range should be adopted in the future studies to investigate its
effects on stress distribution.

Acknowledgement. This research work was supported by the National Natural Science
Foundation of China (Grant No. 51509146, 51379114, 51479107) and the Fundamental
Research Funds of Shandong University (2014HW012).

(a) f = 2 Hz                               (b) f =14 Hz

Fig. 9. Shear stress contours of the tunnel (unit: Pa).
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Abstract. Composite stratum is composed by soft and hard alternated com-
posite stratum with different lithological character. So it exists interfaces
between soft and hard layers, which have influence to the deformation failure of
composite stratum. Based on particle flow discrete element theory, the different
acoustic emission samples of composite stratum were established. By recording
the number of contact bond breaks between particles at same time step, the
failure characteristics and AE distribution of different composite stratum sam-
ples are analyzed under uniaxial compression numerical tests.

Keywords: Acoustic emission � Composite stratum � Failure characteristics

1 Introduction

Composite stratum is a common geological conditions in all types of engineering
construction. The transverse isotropy is a typical characteristic of composite stratum.
Layered rock mass is a typical formation of composite stratum, and has been studied
widely. The bedding plane dip angle has great influence in strength and failure mode of
layered rock [9, 10, 19, 20]. Many researchers investigated mechanical response and
failure mode of layered rock mass by improving continuum modeling [9–11, 22, 24].
However, traditional laboratory experiments have widely been used as a simple and
effective method to study the failure process in rock, especially the uniaxial com-
pression test [21, 25, 26]. Combined with acoustic emission (AE) technology, the
microcracks in failure process can be recorded and investigated under uniaxial com-
pression test [5–8, 16–18, 23]. Numerical methods have been developed to investigated
extensively the microcracks initiation and growth in rocks under compression, like
RFPA model based on FEM [13–15], PFC model [2, 3], and other model [1]. So the
failure process of composite stratum is rarely studied.

The fracture process of composite stratum with different combination is investi-
gated under uniaxial compression numerical test by using particle flow code (PFC2D)
software. By recording the number of bond break between particles in same time step
represents AE event in the test process. Finally, failure characteristics and AE distri-
bution of different composite stratum samples are analyzed.
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2 Simulation Mechanism of PFC

PFC2D provides two basic contact models for bond between particles: contact bond
model and parallel bond model. The contact bond can be considered as elastic springs
with constant normal and shear stiffnesses acting at the contact point between particles,
which can only transmit force between particles. The parallel bond provides the
mechanical behavior of a finite-sized piece of cement-like material deposited between
the two contacting pieces, and can transmit both force and moment between the par-
ticles [4, 12]. Therefore, in this work, the parallel bond model was used to simulate the
behavior of the complex rock mass. The bond breakage in PFC represents the for-
mation of cracks, the constitutive behavior in shear and tension of parallel bond model
in PFC is shown in Fig. 1.

The formation of each tensile crack or shear crack represents the increasing dam-
age, and release the strain energy. In PFC2D, the fracture number in the same interval is
approximately equivalent to an acoustic emission event in the calculation process. In
this way, the numerical method can be used to study the acoustic emission law of
composite stratum.

3 Numerical Simulation Results and Discussions

3.1 Numerical Model

This paper aims to discuss the failure law of composite stratum, the micro-parameters
were assumed to be a certain proportion to simulate the soft and hard stratum, like

Fig. 1. Constitutive behavior in shear and tension of parallel bond model in PFC
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effective modulus, bond effective modulus, tensile strength and cohesion. According to
the different combinations of soft stratum and hard stratum, this paper took soft stratum
(SS), hard stratum (HS), soft-hard stratum (SHS), soft-hard-soft stratum (SHSS) and
hard-soft-hard stratum (HSHS) numerical samples as research object to investigate
deformation failure and AE characteristics of composite stratum. The two dimensional
numerical samples of uniaxial compression are shown in Fig. 2. The SHS model is
composed of the same two parts (soft stratum and hard stratum). The SHSS and HSHS
model is composed of the same three parts (soft stratum, hard stratum, soft stratum and
hard stratum, soft stratum, hard stratum.) All of the models are 0.05 m in width and
0.1 m in height, conforming to typical laboratory core samples. The porosity is 0.1, the
density is 2500 kg/m3 and the total amount of particles is 3602. The particles of all of
samples radiuses have a uniform distribution between the maximum and minimum
radii. The particles are randomly distributed in the model. The minimum and maximum
radius is 0.5 m and 0.75 m, respectively. The parameters of soft stratum and hard
stratum are shown in Table 1.

The samples were loaded until the axial stress falls below 70% of the peak stress. In
order to reduce the influence of loading rate, the loading rate was 7.5e−8 mm/step in
the calculation process. In this paper, the number of bond break in 40 steps was
regarded as an AE event.

SS HS SHS SHSS HSHS

Fig. 2. The two dimensional numerical samples of uniaxial compression (The green part
represents soft stratum, and blue part represents hard stratum)

Table 1. Parameters of soft and hard stratum

Parameters Value
Soft stratum Hard stratum

Effective modulus (GPa) 6 12
Stiffness ratio 1 1
Bond effective modulus (GPa) 6 12
Bond stiffness ratio 1 1
Tensile strength (MPa) 40 100
Cohesion (MPa) 80 500
Normal critical damping ratio 0.5 0.5
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3.2 Numerical Results

Failure Characteristics of Different Composite stratum Samples. By recording the
number of bond fracture of models during loading, the results of AE and stress-strain
under uniaxial compression are shown in Fig. 3. According to Fig. 3, during the initial
loading period, all of the models had no AE event due to less stress. With increasing
load, bond break began to appear. Due to the existence of defects in the natural stratum,
the initial is not a complete entity, but there is a complex network of stress structure
system. The bond break can lead to stress adjustment of structure system, which caused
stress concentration of adjacent elements. When stress of adjacent elements was up to
bond strength, the bond broke and AE event occurred. When the stress was up to peak
value, the number of AE event leaped at a rapid speed, and the number of crack
increased sharply, formed macroscopic failure.

SS HS

SHS SHSS

HSHS

Fig. 3. AE and stress-strain results for models under uniaxial compression
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In addition, the results of SHS, SHSS and HSHS samples in Fig. 3 showed the AE
event still had high intensity when the stress exceeded the peak strength. It demon-
strated that compared with the peak stress, the AE event existed hysteresis phenomenon
caused by plastic deformation of soft stratum parts. The more soft stratum part was, the
more obvious hysteresis phenomenon.

From the result of HSHS samples in Fig. 3, the stress didn’t decreased rapid when
the stress was up to peak stress. The stress increased gradually to peak stress again after
a small drop, and then decreased sharply like the other samples. At the same time, the
AE event was sharply increasing when the stress was equal to peak stress. This phe-
nomenon illustrated the hard stratum parts has some restriction effect on the soft
stratum part. The restriction effect can improve the toughness of sample to a certain
extent.

The cumulative AE count of different numerical samples is shown in Fig. 4. The HS
sample had the maximum AE count, and SHS sample showed the minimum AE count.
It means that the hard stratum had the most bond break, and the different combinations
of soft stratum and hard stratum had great influence on bond break.

Distribution Characteristics of AE Event. PFC2D can record deformation and dis-
tribution of AE event in the loading process. The AE event spatial distribution of
different numerical samples is shown in Fig. 5. From Fig. 5, the SS and HS samples
had same spatial distribution of AE event. Their AE event distributed mainly at the
failure path. The failure face was formed when the stress was up to peak stress.
According to the results of SHS, SHSS and HSHS samples in Fig. 5, the AE event
occurred mainly in soft stratum parts, and hard stratum parts had few AE events due to
higher bond strength. In addition, the distribution of AE event in soft stratum was more
dispersed, and the AE event in hard stratum part was mainly occurred in very few
major cracks.

Fig. 4. Cumulative AE count of different numerical samples
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4 Conclusions

Based on PFC2D, the deformation failure and AE characteristics of five composite
stratum samples (SS, HS, SHS, SHSS and HSHS) were investigated using uniaxial
compression numerical tests. By comparison, the AE peak of combination samples
with soft stratum part had hysteresis phenomenon, and the hysteresis was more obvious
with increasing soft stratum parts. The hard stratum parts of HSHS sample showed
restriction effect to soft stratum, which can improve toughness of samples to some
extent. By compared with the cumulative AE count, the different combination had great
influence on the bond break, and the SHS and SHSS showed less bond break. In
addition, to combination samples, the AE event mainly concentrated in soft stratum
parts due lower strength and the distribution of AE event was more dispersed. How-
ever, the AE event in hard stratum concentrated on few major cracks. Because it is only
a discussion on failure process of composite stratum, the micro-parameters are not
calibrated based on laboratory tests. The numerical samples are not absolutely uniform,
there may be failure to both sides, once the damage on either side of the left and right
side occurs.
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Abstract. The slopes in southwest of China are high and steep. Moreover, their
geological conditions and form history are complicated. Stability of slope was
one the most important for the expressway constructions in these areas. Based
on the excavation and reinforcement of rock slopes in DaoAn highway project,
combining with the strata occurrence, calculation models of slope excavation are
established. Then the comprehensive process of slope excavation was simulated.
Site monitoring and testing were implemented, monitoring data such as surface
displacement, vertical displacement, deep horizontal displacement and anchor
cable force of three typical slopes during construction are analyzed. Then
dynamic warning method and index of slope monitoring during the slope
construction are studied. Based on designed safety factor and failure mode of
slopes, combined with field monitoring and numerical simulation, a new method
to determine the monitoring & early warning index was proposed. They could
give references to evaluate the safety state of rock slopes during excavation.

Keywords: High steep rock slope � Excavation and support
Construction simulation � Monitoring warning

1 Introduction

The slopes in southwest of China are high and steep, their geological conditions are
complicated, and the forming history are special. For meeting the requirement of
construction of Highway engineering in this area, slope stability and early-warning
during excavation was the most important topic to safety evaluation of slopes along the
proposed highway.

Landslide prediction is the key problem of landslide research [1]. Slope monitoring
is the most direct and reliable method, which is widely used in prediction of slope
failure. The main purpose of slope monitoring is to investigate the slope evolution, and
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to provide reliable information and scientific basis for the safety construction. While in
fact, most important displacement information lose effectiveness due to later moni-
toring reaction than the excavation activity, moreover the damage evolution range
during excavation is very difficult to monitor.

In recent years, people pay more attention to the prediction of slope instability;
constantly enrich the early-warning theory and method research [2, 3]. Most of the
researches were focused on the landslide prediction by means of nonlinear scientific
theory.

Based on the studies of slope safety evaluation during excavation engineering in
DaoAn highway, combined with the site monitoring of the high rock slope, the slope
construction process was simulated numerically, the dynamic warning method & index
of monitoring and forecast during excavation are proposed.

2 Early Warning Method of During Excavation

For the slope deformation monitoring and early warning of rock slope during exca-
vation, in order to overcome the shortcoming of single warning index from analogy
method, early warning method base on safety factor and failure mode was proposed,
and the procedure was shown on Fig. 1.

i=1

slope classification slope conditionslope grade

determination slope safety 
factor

determination range of   monitoring 
warning safety factor

engineering geological features

deformation failure mode 
analysis

safety state assessment after 
excavation

excavation finish or not

finish

yes

no

i=i+1

design code

failure mode of 
excavation disturbed 

zone

overall deformation 
and failure mode of 

slope

warning of unstable
rock mass

early warning of 
deformation
monitoring

engineering
geological
analysis
method

monitoring
early

warning
method

Fig. 1. Flow chart of slope early warning during excavation
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The specific steps are as follows:
(a) Firstly determine the type and grade of research slope as per design code, then

determine the construction condition and design safety factor Fs. (b) Secondly, in order
to determine whether the state of slope is safe, analyze the failure mode of slope by
geological analysis method and monitoring early warning method. (c) According to the
actual safety state of the slope after excavation. If not finished, gain the deformation
modulus with intelligent displacement back analysis method, and then repeat preceding
steps; if finished, the deformation monitoring and early warning for slope excavation
close.

3 Case Study of Slope Excavation

3.1 Project Introduction

The research object is a rock slope besides highway which located in Daoan, Guizhou
province, and the height is 56.93 m. Exploration revealed that, the 0–2 m overly clay
gravel, bedrock is argillaceous siltstone from thin to medium, and the rock mass
weather strongly which easily induced slope collapse during excavation. The prelim-
inary design of slope support was shown in Fig. 2, three kinds of gradability as 1:0.75,
1:1.1 and 1:1.25 to slow down the slope, the anchor frames were set to fix the foot,
anchor frame beam were used as shallow support.

The overburden soil was mainly gravel silty clay, which consists of strongly
weathered shaly siltstone and middle weathered shaly siltstone. Combined with the test
results and engineering geological analogy, the physical and mechanical parameters
used in slope stability analysis are shown on Table 1.

JCX1

JCX2

Fig. 2. Typical profile of the slope
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3.2 Construction Simulation

The slope was excavated from top to bottom layer by layer, and support measurement
was taken after excavation for each layer. Combined with the attitude of stratum, the
simulated model and mesh generation was shown on Fig. 3, then the slope excavation
process was simulated.

Strength reduction method is widely used in the slope stability analysis considering
excavation and unloading effect, and could find the most probable sliding surface or
collapse boundary, which also provide basis for the whole failure mode assessment of
slope. By continually reducing the strength of rock mass during disturbing to reaches
the ultimate state, gets the destruction sliding surface and the corresponding safety
factor, which was the strength reduction method for slope limit analysis. So strength
reduction method using FEM are applied for excavation simulation.

Table 1. The physical and mechanical parameters of overburden soil and rock mass

Classification Unit
weight
(KN/m3)

Rock shear
strength

Substrate
friction
coefficient

E (GPa) Poisson’s
ratio

C/MPa ɸ/o

Pebbly silt clay 18.0 22 15 0.016 0.43
Strongly weathered
argillaceous siltstone

22.0 0.10 24 0.40 0.1 0.35

Moderate weathered
argillaceous siltstone

24.0 0.35 37 0.50 1.7 0.24

Moderate weathered
argillaceous siltstone

23.0 0.20 10 0.45 0.8 0.30

excavation  zone 1
excavation  zone 2

excavation  zone 3
excavation  zone 4

excavation  zone 5

pebbly silt clay
strongly weathered argillaceous siltstone

moderate weathered argillaceous siltstone

support measure

Fig. 3. Simulated model and mesh generation
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Figures 4 and 5 are the horizontal displacement variations of slopes after first and
fifth excavation stage respectively. This can reflect the change of slope displacement
during excavation, and could determine dangerous area for layout of monitoring point.

4 Warning Index Determination During Slope Excavation

4.1 Determination Warning Index

As for slope warning, the important first step to determine an early warning index to
help deformation monitoring. Take the slope mentioned above as an example, to state
the warning index determination method and steps.

The slope state and safety coefficient Fs were mainly affected by the rock cohesion
c and internal friction angle u and density c, so Fs can be expressed as a function as:

Fs ¼ f ðc1;u1; c1; c2;u2; c2; c3;u3; c3; . . .; cn;un; cnÞ ð1Þ

Fig. 4. Horizontal displacement nephogramag after excavation stage 1

Fig. 5. Horizontal displacement nephogramag after excavation stage 5
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Where the subscript 1, 2, 3,…, n indicate the number of different materials
respectively.

Because the density of rock mass c had little change during the slope construction
process, it can be considered as constant and get from the recommended value of
geological survey report. During excavation, the potential damage type of rock mass
was tension shear failure due to tension along the structural plane; weaken of the
strength parameters was mainly due to the reduction of cohesion c during excavation.
Sun [4] proved that friction angle remains almost unchanged before and after its failure
by shear test of gypsum, and suggested that the internal friction angle of rock value
does not change due to the softening of plastic strain.

Therefore, the formula (1) can be described as:

Fs ¼ f ðc1; c2; c3; . . .; cnÞ ð2Þ

In order to determine the non-linear relationship safety coefficient and cohesion of
rock mass, the uniform design method [5] was adopted to design the combinations of
different cohesion c in each stratum. Then the strength reduction method was used to
calculate each combination. According to the obtained samples, aiming at the ran-
domness of parameter selection, a PSO-SVM model [6] was used to determine the
highly nonlinear mapping relationship between the cohesion of rock mass and safety
coefficient Fs.

According to geological data, combined with the excavation disturbed range,
sensitivity analysis was considered for the cohesion of rock slope and related safety
factor Fs, the range of cohesion value to weathering sandstone was shown on Table 2.

According 25 kinds of combination, the safety factor of each group was calculated
by strength reduction finite element method, and the results were shown on Table 3.

Table 2. Range value of rock mass cohesion in disturbed zone (kPa)

Strongly weathered argillaceous siltstone Moderate weathered argillaceous siltstone

25.0–50.0 50.0–100.0

Table 3. Caculated safety factor with different combination of rock mass cohesion c (kPa)

Scheme Strongly weathered
c (kPa)

Moderate weathered
c (kPa)

Safety factor

1 25 50 0.989
2 26 52 0.996
3 27 54 1.021
4 28 56 1.042
5 29 58 1.051
6 30 60 1.057
7 31 62 1.061
8 32 64 1.064

(continued)
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When analyzed the failure mode of the object rock slope, the possible type was
mainly manifested arc sliding during excavation, and the deformation instability mainly
embodied in the horizontal displacement increasing, so the horizontal displacement
increment index was considered as the warning index of monitoring.

As per slope code [7], the grade of highway slope belongs to I, and design safety
coefficient ranged from 1.20 to 1.30, in construction the temporary safety coefficient of
slope should not be less than 1.05, therefore safety coefficient between 1.05 and 1.20
was considered as the early warning range.

Among schemes 5 to 15 cohesion c was selected as parameters, displacement
caused by excavation of above combinations were calculated, and then the relation of
the horizontal displacement increment and safety coefficient were fitted by polynomial,
the fitting curves of JCX1 and JCX2 were shown on Figs. 6 and 7 respectively.

From 1.05 to 1.2, the catastrophe point of displacement increment was considered
as the key points for early warning. According to the fitting curve, firstly the key point
A was determined as per max change trend, we called it unstable start point; then the
key point C was determined while the displacement change rate increased gradually to
stable, we called it blue warning start point; thirdly the key point B was determined
where the displacement increment change accelerating, we called it yellow warning
start point. And corresponding safe factor were shown together on Table 4.

According to the determined blue warning index and the red warning index, the
grade of slope warning as per the monitoring horizontal displacement increment during
excavation was recommended on Table 5.

Table 3. (continued)

Scheme Strongly weathered
c (kPa)

Moderate weathered
c (kPa)

Safety factor

9 33 66 1.082
10 34 68 1.097
11 35 70 1.104
12 36 72 1.127
13 37 74 1.149
14 38 76 1.186
15 39 78 1.212
16 40 80 1.23
17 41 82 1.25
18 42 84 1.32
19 43 86 1.37
20 44 88 1.40
21 45 90 1.42
22 46 92 1.45
23 47 94 1.47
24 48 96 1.49
25 49 98 1.58
26 50 100 1.65
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Fig. 7. Relation of horizontal displacement increment vs. safety factor curve for JCX2

Table 4. Relation of limit safety factor and corresponding horizontal displacement increment

Monitoring point No Horizontal displacement
increment(mm)

Limit safety factor

A B C A B C

JCX1 9.1 9.4 9.8 1.067 1.08 1.18
JCX2 9.0 9.4 9.8 1.067 1.08 1.17
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4.2 Comparison with Site Monitoring

The site monitoring of the horizontal displacement increment were shown on Fig. 8,
compared with the warning value of Table 6, It can see that the actual monitor hori-
zontal displacement increment was little less than the warning value, which indicated
that the slope was in a stable state during excavation process. This is consistent with
actual engineering condition.

Table 5. warning grade recommendation

Monitoring point No JCX1 JCX2 Warning grade

Horizontal displacement increment range(mm) <9.1 <9.0 Safe
9.1–9.4 9.0–9.4 Blue warning
9.4–9.8 9.4–9.8 Yellow warning
>9.8 >9.8 No safe

20
14

/9
/2

0

20
14

/1
0/

20

20
14

/1
1/

20

20
14

/1
2/

20

20
15

/1
/2

0

20
15

/2
/2

0

20
15

/3
/2

0

20
15

/4
/2

0

20
15

/5
/2

0

20
15

/6
/2

0

20
15

/7
/2

00

1

2

3

4

5

6

7

monitoring time

C
um

ul
at

iv
e 

va
lu

e 
of

 h
or

iz
on

ta
l d

is
pl

ac
em

en
t(m

m
)

JCX1
 JCX2

Fig. 8. Relation of horizontal displacement increment vs. monitoring time

Table 6. Comparison of monitoring horizontal displacement and early warning value

Monitoring point No Horizontal displacement increment
(mm)

Range of warning value
(mm)

JCX1 7.17 9.1–9.8
JCX2 6.45 9.0–9.8
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5 Conclusions

High steep rock slopes early warning has been studied by specified project case from
DAOAN highway. Combined with the survey and design data, numerical model of
slope excavation are established. Then the slope excavation and support were simulated
step by step. As per numerical results and site displacement monitoring data, a new
study route and corresponding method based on designed factor of safety and failure
model was proposed, which gives scientific route and method for dynamic monitoring
warning of deformation and failure of slopes during excavation.

What’s more, the dynamic warning index of slope monitoring during excavation
were confirmed, comparison with the monitoring data showed that, the warning method
was valid and the index was reasonable, which could gives references to evaluate the
safety state of the slope excavation in similar engineering.
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Abstract. Theoretical analysis was carried out to investigate the dissociation of
gas hydrate in stiff sediment. First the mathematical model for gas hydrate
dissociation was decoupled by asymptotic expansion method considering the
order differences of time scales among seepage, dissociation of gas hydrate and
heat conduction. The multi-scale perturbation method was used to solve the
problem. It is shown that seepage is the fastest process. The heat conduction is
the slowest process. With the pressure decreases at the boundary, pressure
changes first while no hydrate dissociation and heat conduction occur. Gradu-
ally, dissociation causes the decrease of temperature. After a long time, heat can
conduct to cause the increase of temperature. Otherwise, the decreased tem-
perature will cause the stop of dissociation if no heat is supplied in time.

Keywords: Gas hydrate � Dissociation � Mathematical model

1 Introduction

Natural gas hydrate (NGH) is treated as a potential energy resource for the 21st century
because a large amount of NGH is trapped in hydrate reservoirs though it can induce
the large deformation [1] and even kinds of hazards in some cases such as marine
landslide, crack extensions [2]. In the past 30 years, considerable effort has been made
for commercial production of NGH from hydrate reservoirs. Until now, all methods are
still limited to experimental scale, except for one gas-hydrate field in western Siberia,
which was exploited successfully [3].

To recover NGH from hydrate reservoir, depressurization, temperature falling and
replacing are three presented methods. Extensive reviews of NGH reported by Englezos
[4] and Sloan [5]. Selim and Sloan [6], Tsypkin [7] and Lu et al. [8] presented different
methods for analysis of the dissociation process of NGH by depressurization. In those
models, various assumptions were adopted in order to obtain the analytical solution,
such as the water in the reservoir remained stationary and the well temperature was kept
constant. Moridis et al. [9] added a module for NGH dissociation into the TOUGH2
(general-purpose reservoir simulator). Swinkels and Drenth [10], Zhang et al. [11] and
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Ji et al. [12] used thermal stimulation for NGH dissociation and studied the enthalpy of
dissociation for hydrates formed by different gases.

Either the formation or the recovery of NGH is related with the thermal
conduction/convection, migration of gas and water, dissociation of gas hydrate,
stress/deformation variation of stratum. These processes are very complex because of
the multi-components and complex sediment’s conditions such as fracture system [13,
14]. To analyze the recovery of gas hydrate, these four processes must be clarified.

In this paper, theoretical analysis on NGH dissociation was studied. The governing
equations were first decoupled into three courses by asymptotic expansion method:
seepage, dissociation of NGH and heat conduction, considering the order differences of
the time scales. Then solutions were given under two-dimensional conditions.

2 Formation of Problem

We consider the hydrate-bearing sediment constituted of free methane (gas), methane
hydrate (solid), water (liquid) and soil/rock skeleton (stiff solid). The four components
are in thermodynamic equilibrium. The formation is assumed to be uniform and the
flow of free methane and water can be regarded as flow through a porous media with
porosity eg + ew, which are fractional volume of gas and water. Soil/rock skeleton is
assumed to be stationary. The flow of gas and water in pores obeys the Darcy law.
Though the permeability of gas and water changes with the properties of media such as
porosity, components, they are assumed as constants for simplicity of analysis.

Dissociation will happen once the pressure and temperature changes. Seepage and
temperature change inside the sediment will occur also once the pressure changes at the
boundary.

The fractional volume of each component is eg, eh, ew and em respectively and

eg þ ew þ eh þ em ¼ 1 ð1Þ

in which eh, eg, ew, em are fractions of hydrate, gas, water and skeleton, respectively.
For a unit volume, em is a constant, eg, eh, ew will change with the dissociation of gas
hydrate.

Methane (gas) satisfies the ideal gas law, i.e.

pV ¼ NRT ð2Þ

in which p is the pressure, V is the volume, N is the Mole number of gas, R is the ideal
gas constants, T is the temperature.

Mass conservation equations are as follows by neglecting diffusion term:

@egqg
@t

þr � egqg�ug ¼ �vqh
@eh
@t

@ewqw
@t

þr � ewqw�uw ¼ �ð1� vÞqh
@eh
@t

ð3Þ
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in which qg, ug are density and velocity of gas, qw and uw are density and velocity of
water, v ¼ Mg=Mh;Mh and Mg are Mole numbers of gas hydrate and methane gas,
respectively.

Momentum conservation equations are as follows by neglecting inertia,

�ug ¼ � Kg

eglg
rp

�uw ¼ � Kw

ewlw
rp

ð4Þ

in which Kg and Kw are relative permeabilities of gas and water, respectively, lg and
lw are cohesions of gas and water, respectively.

The energy conservation equation is

egqg
@CgT
@t

þðewqwCw þ ehqhCh þ emqmCmÞ @T
@t

þ egqgug ��rCgT þ ewqwCw�uw � rT

¼ ½DHþ vCgT þð1� vÞCwT �qh
@eh
@t

þKr2T

ð5Þ

in which Cg, Cw, Ch, Cm are thermal capacities of gas, water, hydrate and skeleton
respectively, DH is the latent heat, K is the heat conduction coefficient which is
assumed to be a constant.

The dissociation rate of NGH is

@eh
@t

¼ �kdMgAs fe � fð Þ ð6Þ

in which As is the area, kd are coefficients, fe and f are the three-phase equilibrium
fugacity and methane fugacity, respectively. In the following analysis, they are sub-
stituted by the phase equilibrium pressure of methane hydrate and pore pressure in the
hydrate-bearing sediment. Generally, kd changes with temperature or pore pressure. For
simplicity, it is assumed as a constant here. The above equations can be normalized by
a characteristic specific heat C, T0 and qh and p0. T0 and p0 can be chosen as the initial
temperature and pressure of the media.

@eg�qg
@s

þr �qg � r�p
� � ¼ �v�qh

@eh
@s

@ew
@s

þr2�p ¼ �ð1� vÞ�qh
@eh
@s

@eh
@s

¼ �kdMg�As �fe � �fð Þ

ð7Þ
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eg�qg
@ �Cp�T
@t

þðew�qw�Cw þ eh�qh �Ch þ em�qm�CmÞ @
�T
@t

� p0kg
lg

�qgr�p � r�Cp�T � p0kw
lw

�qw�Cwr�p � r�T

¼ ½DH
CT0

þ v�Cp�T þð1� vÞ�Cw�T � @eh
@t

þ K
Cqh

r2�T

ð8Þ

For simplicity, the “-” in the equations are omitted. In this problem, let
s ¼ p0kgt=ðlgr20Þ; f ¼ x=r0. Since g1 ¼ Cqhlg= Kp0kg

� �
and g2 ¼ KaAslg= p0kg

� �
are two small parameters, we can give the asymptotic expansions by using of
multi-scale method:

f ¼ f 0ð Þðxi; s0; s1; s2Þþ
P1
n¼1

gn2 f
nð Þðxi; s0; s1; s2Þ

f 0ð Þ ¼ f 0ð Þð0Þ ðxi; s0; s1; s2Þþ
P1
n¼1

gn1 f
ð0Þ nð Þðxi; s0; s1; s2Þ

8>><
>>:

ð9Þ

in which s0 ¼ s; s1 ¼ g1s; s2 ¼ g2s. Instituting these expressions into Eqs. (7) and
(8), we can decouple the problem. It is interesting to note that the equations of the first
three orders indicate the three physical courses: 0th order, the development of seepage,
the fast course; 1st order, the dissociation of gas hydrate, the second fast course; 2nd,
heat conduction, the third fast course. The 0th order equations are as follows:

@e 0ð Þ 0ð Þ
g q 0ð Þ 0ð Þ

g

@s0
�rðq 0ð Þ 0ð Þ

g rP 0ð Þ 0ð ÞÞ ¼ 0

@e 0ð Þ 0ð Þ
w
@s0

�r2p 0ð Þ 0ð Þ ¼ 0

@e 0ð Þ 0ð Þ
h
@s0

¼ 0

e 0ð Þ 0ð Þ
g q 0ð Þ 0ð Þ

g
@CgT 0ð Þ 0ð Þ

@s0
þ eqC @T 0ð Þ 0ð Þ

@s0
þ kwlg

kglw
qwCw þ q 0ð Þ 0ð Þ

g Cg

h i
rp 0ð Þ 0ð ÞrT 0ð Þ 0ð Þ ¼ 0

8>>>>>>>>>><
>>>>>>>>>>:

ð10Þ

Summing the last three equations together and neglecting the smallness, the con-
trolling equation of P(0)(0) can be obtained

eg0
@p 0ð Þ 0ð Þ

@s0
� 2p 0ð Þ 0ð Þr2p 0ð Þ 0ð Þ ¼ 0 ð11Þ

We can obtain the following simplified equation when the pore pressure difference
is small [15].

eg0
@p 0ð Þ 0ð Þ

@s0
� 2p0r2p 0ð Þ 0ð Þ ¼ 0 ð12Þ
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The 0th order solution can be obtained as follows:

T 0ð Þ 0ð Þ ¼ T0

p 0ð Þ 0ð Þ ¼ p1 þ p0�pl
l xþ P1

n¼0

2 p0�plð Þ
np e�

n2p2a2

l2
s0 sin np

l

e 0ð Þ 0ð Þ
h ¼ eh0

e 0ð Þ 0ð Þ
w ¼ P1

n¼1

2 p0�plð Þ
np

1
a2e

�n2p2a2

l2
s0 sin np

l xþ ew0 � p0�pl
a2l l� xð Þ

8>>>>>>>>>><
>>>>>>>>>>:

ð13Þ

in which p0 is the initial pore pressure. The pore pressure at the end l is kept as p0, p1 is
the pore pressure at the end x ¼ 0; a2 ¼ 2p0=eg0, initially ew = ew0 at t = 0.

1st order equations are as follows:

e 0ð Þ 0ð Þ
g q 0ð Þ 0ð Þ

g
@CgT 0ð Þ 1ð Þ

@s0
þ eqC

@T 0ð Þ 1ð Þ

@s0

� �
þ kwlg

kglw
qwCw þ q 0ð Þ 0ð Þ

g Cg

� �
rp 0ð Þ 0ð ÞrT 0ð Þ 1ð Þ

¼ DH
CT0

þ vCg þ 1� vð ÞCwT 0ð Þ 0ð Þ
� �

A p 0ð Þ 0ð Þ � pe
� 	

@ e 0ð Þ 1ð Þ
g q 0ð Þ 0ð Þ

g þ e 0ð Þ 0ð Þ
g q 0ð Þ 1ð Þ

gð Þ
@s0

�rðq 0ð Þ 1ð Þ
g rP 0ð Þ 0ð Þ þ q 0ð Þ 0ð Þ

g rP 0ð Þ 1ð ÞÞ ¼ �vA p 0ð Þ 0ð Þ � pe
� �

@e 0ð Þ 1ð Þ
w
@s0

�r2p 0ð Þ 1ð Þ ¼ � 1� vð ÞA1 p 0ð Þ 0ð Þ � pe
� �

@e 0ð Þ 1ð Þ
h
@s0

¼ A2 p 0ð Þ 0ð Þ � pe
� �

8>>>>>>>>>>>>>>>>><
>>>>>>>>>>>>>>>>>:

ð14Þ

in which A ¼ kdMgAsqh;A1 ¼ kdMgAsqh=qw;A2 ¼ kdMgAs. Neglecting the effects
of convection on the variation of temperature, then the variation of pore pressure p(0)(0)

is mainly due to dissociation of GH, the 1st order solution solution can be obtained as

T 0ð Þ 1ð Þ ¼ DH
CT0

þ vCg þ 1� vð ÞCwT0

� �
A

eqCþ e 0ð Þ 0ð Þ
g q 0ð Þ 0ð Þ

g

T1s0 þ T0 � Tl
l

xs0 �
X1
n¼0

2 T0 � Tlð Þ
np

l2

n2p2a2
e�

n2p2a2

l2
s0 sin

np
l
x� Tes0

 !

p 0ð Þ 1ð Þ ¼ A2 � vA� 1� vð ÞA1½ � p1x2 þ p0�pl
3l x3 �P1

n¼0

2 p0�plð Þl2
n3p3 e�

n2p2a2

l2
s0 sin np

l � pex2
� �

@e 0ð Þ 1ð Þ
w

@s0
¼ � 1� vð ÞA1 p 0ð Þ 0ð Þ � pe

� 	
þr2p 0ð Þ 1ð Þ

e 0ð Þ 1ð Þ
h ¼ A2 p1s0þ p0�pl

l xs0 �
P1
n¼0

2 p0�plð Þ
np

l2
n2p2a2 e

�n2p2a2

l2
s0 sin np

l � pes0

� �

8>>>>>>>>>>>>>>>>>><
>>>>>>>>>>>>>>>>>>:

ð15Þ
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T 1ð Þ and p 1ð Þ are small parameters. Neglecting the product term of these two
smallness and considering e 1ð Þ

g q 0ð Þ
g � e 0ð Þ

g q 1ð Þ
g , q 1ð Þ

g rP 0ð Þ � q 0ð Þ
g rP 1ð Þ, 2nd order solu-

tion can be simplified as

e 0ð Þ
g q 0ð Þ

g þ eqC
� 	

@T 1ð Þ
@s1

¼ r2T 1ð Þ

@e 1ð Þ
g q 0ð Þ

g

@s0
�rq 0ð Þ

g rP 1ð Þ ¼ �vAp 1ð Þ

@e 1ð Þ
w

@s0
�r2p 1ð Þ ¼ � 1� vð ÞA1p 1ð Þ

@e 1ð Þ
h

@s0
¼ � 1� vð ÞA2p 1ð Þ

8>>>>>>>>><
>>>>>>>>>:

ð16Þ

Then the solution for T(1) can be obtained as follows

T 1ð Þ ¼ T1 þ T0 � Tl
l

xþ
X1
n¼1

2 T0 � Tlð Þ
np

e�
n2p2b2

l2
s1 sin

np
l
x ð17Þ

T0 is the initial temperature, Tl is the temperature at the end x = 0, the temperature

at the end x = l is kept as T0, b2 ¼ 1
.

e 0ð Þ
g q 0ð Þ

g Cg þ eqC
� 	

. In the same way, p(1), ew
(1)

and es
(1) can be solved.

It can be seen clearly from the above analysis that the dissociation process can be
divided into three decoupled courses: seepage, phase change and thermal conduct in the
sequence of the development speed of each course in a GH reservoir with low per-
meability. Thermal conduction is the slowest course while seepage is the fastest. The
analytical solution can be obtained easily by the decoupled courses relative to obtain
the solution directly from the original equation. The solution shows that no matter what
kind of method to induce the dissociation of GH, thermal conduction is the key in
dissociation of GH because it is the slowest course and phase change needs heat
consumption. In other words, without enough heat supply phase change will
undoubtedly stop no matter what the method we adopted so the fast heat supply is very
important in exploitation of GH.

For certification, we compute the development of pore pressure and temperature
with time by the above analytical solutions first and, compare them with experimental
results in literature [16]. The parameters adopted here are shown in Table 1. Initial pore
pressure is 4.0 MPa. At one end the pore pressure is 0.1 MPa and at the other end the
pressure is kept as the initial value. Initial temperature is 16.5 °C. At one end tem-
perature increases to 40 °C while at the other end it keeps the initial value. It can be
seen from Figs. 1 and 2 that the analytical solution is close to the experiments’. The
measurement of pore pressure is relatively accurate. The temperature is measured by
thermocouple whose accuracy is 1°, thus the measured value of temperature is not as
precise as pore pressure. That is why the differences between theoretical and experi-
mental temperature is a little large. The fact that the theoretical value is only
approximation leads to error.
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3 Conclusions

A new method to obtain the analytical solution of equations describing the dissociation
of NGH in stiff sediment was presented. By this method it can be seen clearly that the
dissociation process can be divided into three decoupled courses which are thermal
conduct, phase change and seepage by development speed in a NGH reservoir with low
permeability. It is easily to obtain the analytical solution by the decoupled courses. The
solution shows that no matter what kind of method to induce the dissociation of GH,
thermal conduction is the key because it is the slowest course while phase change needs
heat consumption. In other words, without enough heat supply phase change will
undoubtedly stop no matter what the method we adopted. The analytical solution is
close to that of experimental results by comparison.

Acknowledgement. This project is supported by the Open Research Fund of Shanghai Key
Laboratory of Mechanics in Energy Engineering and China natural Science Fund (No.11272314
and No.51239010).

Table 1. Parameters adopted in computation

Parameter Value Parameter Value Parameter Value Parameter Value

Ca/kJ/kg/K –1.05 N 6 qw/10
3 kg/m3 1.00 a0/m 0.007

Pgc/MPa 3.5 kg/W/m/K 0.06 qh/10
3 kg/m3 0.92 k0/10

4mol/m2/Pa/s 3.6
Pg0/MPa 0.1 kw/W/m/K 0.50 qs/10

3 kg/m3 2.60 nw 4
T0/K 289.5 kh/W/m/K 0.46 lw/10

−3 Pa�s 1.00 ng 2
Te/K 413.0 ks/W/m/K 2.90 ka/W/m2/K 0.26 nc 0.65
Sh0 0.0 Cg/kJ/kg/K 2.18 D/m 0.038 / 0.27
Sg0 0.32 Cw/kJ/kg/K 4.20 L/m 0.78
Sw0 0.0 Ch/kJ/kg/K 2.22 H0/10

6J/kg 3.53
K0/mD 86.1 Cs/kJ/kg/K 0.89 △E/kJ/mol 81
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Fig. 1. Comparison of theoretical and
experimental results in literature (Liu, 2013)
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Fig. 2. Comparison theoretical and experimen-
tal results in literature (Zhang, et al., 2010)
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Time-Dependent Failure of Marble Under
Long-Term Loading
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Abstract. Observations of marble brittle failure at the laboratory scale indicates
that the failure process involves the initiation, growth and accumulation of
micro-cracks. With the micro-cracks increasing, marble subjected to long-term
loading will be damaged. The rate of cracking is sensitive to the magnitude of
long-term loading. The static-failure tests were conducted and the test results
indicate that the time-dependent is being. Process simulation tests have been
conducted to investigate the time-dependent failure in JPII marble. The
static-failure data were used to match the parallel-bonded stress corrosion
(PSC) model parameters which based on PFC2D (Particle Flow Code in 2
Dimension). The time-dependent failure was simulated. The response was
characterized by a creep curve. The damage mechanisms and deformation
behavior of marble were discussed. The model exhibits damage mechanisms and
deformation behavior that are similar to those of the rock.

Keywords: Time-dependent failure � Static-failure tests � PSC model
Brittle rock

1 Introduction

Underground rock engineering design needs to know the long-term strength of a rock.
It is also important for minimize potential pathways for the transport of water in the
rock as demonstrated in [1]. But the mechanical behavior of rock is controlled by its
microstructures. Complex macroscopic behaviors like fracture and failure attribute to
the micro-cracks initiation, accumulation and interaction. When the loading stress
below the peak strength, the rocks is also be damaged and fractured after some time.
This phenomenon is called time-dependent failure. After found the effect, the failure
behavior of brittle rock is researched. Because the problem is so difficult, the study was
progressed systematically in Canada’s Underground Research Laboratory (URL) until
1990s and obtained some main reorganization in references [2–4].

(1) When the stress reaches certain level, the micro-cracks will appear in brittle rock.
The stress level is about 40% of UCS. This stress is called crack initiation
strength rci;

(2) When the stress reaches 80% of UCS, the micro-cracks is at large. The space and
length is approximately equal. The macro nonlinear characteristic became appear.
The stress level is called crack damage strength rcd or long-term strength.
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The initiation strength and damage strength are all below peak strength, so not
satisfy the traditional strength criterion. The traditional mechanical concept and
description method can not be used to describe the failure. Developing with the
monitoring technique, the acoustic emission was put into monitor brittle failure. PFC
(Particle Flow Code) also satisfies the need for researching the failure problem as
demonstrated in [5]. The PSC (parallel-bonded stress corrosion) model in reference [6]
describes the time effect of crack by stress and environment. When some part stress
satisfies one condition, the crack will grow and the environment factors including
moisture, temperature and water will change the crack growth velocity as shown in [7].
In order to use the model to simulate the time effect, must confirm some parameters
which can not be obtained by original tests.

This paper aims to study the time-dependent failure of marble and strength
degradation under long-term constant loading. The static-fatigue tests were put up to
help fix the parameters of PSC model. The PSC model parameters can be chosen to
match both the static-fatigue curve (time-to-failure versus applied load) and the damage
mechanisms and deformation behavior (a creep curve showing primary, secondary and
tertiary creep) of marble.

2 Laboratory Test

For this study the test rock specimens used in the test were all prepared from Jinping II
hydropower station tunnel, China, and they are referred to as JPII marble. The JPII
marble is classified as classical brittle rock. The time-dependent behavior of rock can
be characterized by performing a series of static-fatigue tests to produce a
time-to-failure curve in reference [8]. The static-fatigue test consisted of two stages:
initial loading and constant loading. In the initial loading stage, the specimen was
axially loaded at a constant lateral deformation rate of 0.05 mm/min as demonstrated in

Fig. 1. Delay fracture of intact marble.
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[9, 10]. The specimens are about 50 mm in diameter and 100 mm in height. When the
predetermined stress level was achieved above crack initiation strength rci(about 40%
of UCS), the constant loading stage was then started [6]. The load was maintained until
the rock specimen failed. If the specimen did not fail after a long period of time, up to
several days, the constant loading test was terminated in reference [11].

2.1 Uniaxial Compression Test

The uniaxial compression tests were carried out on MTS. The uniaxial compression
strength is 95–107 MPa. Because the marble is typical brittle rock, the sudden failure
immediately occurred after peak strength and the axial strain and lateral strain are small
(see Fig. 2). Under uniaxial compression state, rock is priority to shear failure and the
angle between failure face and loading is 45° (see Fig. 3).

2.2 Long-Term Loading Test

Multi-stage creep test is a common tool for the investigation of the time-dependent
prosperities of materials such as rock and soil as demonstrated in [12]. During tests on
marbles, recorded the data including stress, strain, time, temperature to study the

Fig. 2. Typical marble stress-strain curve.

Fig. 3. Some damaged rock sample.
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deformation characters, damage accumulation and strength degradation of JPII marbles
with time. When a brittle rock is held at constant loading, its creep strain is also
typically composed of three phases: a very short duration primary by an almost linearly
increasing transient, or secondary, creep phase and a tertiary creep phase leading to the
failure of the specimen according to reference [13]. Figure 1 presents a typical constant
loading test on JPII marble. The initial deformation rate is high and then decreases
continuously (transient creep phase). When the load holds constant, a steady state creep
occurs. It is observed in the tertiary phase, and the deformation rate keeps increasing
and ends in creep fracturing (Fig. 4).

2.3 Failure Characteristics

The constant loading in fatigue damage test tend to produce non-elastic and unre-
coverable, in which the increase volume strain means the axial crack growth, and
increase of shear strain means shear slip. The two failure modes draw in each other. In
the test, both the micro crack along axial and shear sliding show obvious (see Fig. 5).

Fig. 4. A typical static-fatigue test and its three creep phases.

Fig. 5. Failure rock sample including macro sliding surface and axial crack.
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Because the test can not be stopped in process, the whole shear failure took place.
However there are lots of approximate parallel axial cracks close to surface.

3 Simulating Time-Dependent Failure

3.1 Model Formulation

The PSC model extends the formulation of the BPM in reference [14] (bonded-particle
model) to include time-dependent behavior by adding a damage-rate law to the
parallel-bond formulation. The PSC model is implemented in the two- and
three-dimensional distinct-element programs PFC2D and PFC3D. In this paper, the
term PFC denotes information that applies to PFC2D.

Static-fatigue tests are performed biaxial testing environment whereby the top and
bottom walls act as loading platens, and the velocities of the lateral walls are controlled
by a servo-mechanism that maintains a constant confining stress. Use the material-
genesis to produce the numerical model in Fig. 6.

3.2 Numerical Experiment by PSC Model

Static-fatigue tests were performed upon the model to produce the static-fatigue data
shown in Figs. 7 and 8, and the micro physico-mechanical parameters were listed in
Table 1. The static-fatigue curve produced by the PSC model is approximately a straight
line for r=rcð Þth � r

�
rc � 0:85. For high driving-stress ratios, the model curves

approach minus infinity (indicating a zero time-to-failure); for low driving-stress ratios,
the model curves approach plus infinity (indicating a static-fatigue limit).

Fig. 6. Specimens model by PFC2D.

Time-Dependent Failure of Marble Under Long-Term Loading 121



Fig. 7. PSC simulation results contrast with liner fits.

Fig. 8. PSC simulation results contrast with exponential fits.

Table 1. Micro physico-mechanical parameters.

Parameters Value

Particle number 5173
Density/kg�m−3 2600
The minimum size/mm 0.4
The ratio of particle size 1.66
Particle modulus/GPa 30
Parallel bond modulus/GPa 50
The ratio of stiffness 1.5
Friction factor 1
Normal strength/MPa 100 ± 20
Tangential strength/MPa 80 ± 15

122 N. Liu et al.



4 Time-Dependent Failure Behavior by PSC Model

4.1 Deformation Behavior

Because the axial strain is larger in initial loading stage and failure stage, the constant
loading stage is magnified. Take the driving-stress ratio is 0.6 as an example, the constant
loading stage can also be divided in three stage, transient creep, steady state creep and
tertiary creep. In the transient creep stage, the deformation velocity is rather fast. When
turn into steady creep stage, the velocity is gradually slow. Only if there is macro fracture
formed, the crack increase will be interrupted and then come silent. When the damage
accumulates to some degree, the strain will increase rapidly and enter the tertiary creep
stage. The rock specimen will be damaged in small time (Fig. 9).

4.2 Failure Behavior

The critical and total crack numbers under different driving-stress ratio are plotted in
Figs. 10 and 11, in which c is total number of microcracks, and c* is c when t/tf = 0.99.
The crack number increases greatly in final failure stage, and reflect the brittle failure
character. With the driving-stress ratio decrease, the crack number is also put up the
creep behavior with time. When under the high driving-stress ratio (0.85–0.95), the
crack number keeps the line in the constant loading stage. Only enter into the failure
stage, the number increase rapidly. When under the low driving-stress ratio (0.5–0.8),
the crack number is increasing. The crack number of final failure is one time than the
constant loading stage start.

Fig. 9. Representative creep curve by PFC2D at driving-stress ratio of 0.6.
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5 Conclusions

The time-dependent failure of JPII marble is simulated by PSC model. This model can
be used to better understand the time effect and the weakening process in rock under
long-term loading. The PSC model is a comprehensive rock model. In order to match
the micro parameters of PSC model, a series of static-fatigue tests need to be done.
The PSC model parameters can be chosen to match the static-fatigue curve
(time-to-failure versus applied load) for JPII marble. The failure process and crack
behavior simulated by PSC model is accordance with the laboratory test. But the PSC
model is a comprehensive rock model that combines spatial and temporal scales. How
to apply the model into an excavation and predict the excavation stability and
long-term strength is a difficult research topic.

Fig. 10. Crack number curve at a driving-stress ratio of 0.9.

Fig. 11. Crack number curve at a driving-stress ratio of 0.55.
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Abstract. A comparative study is conducted to investigate the grouting process
in a rock joint. The aim of the present work is to establish a baseline to aid the
development of theoretical models that can be applied to design the grouting
treatment in a high angle large aperture rock joint. An experimental apparatus,
consisting of a joint simulation system, a grouting control system and a data
acquisition system, has been constructed with the capability to vary the dip
angle and the joint aperture. A transparent viewing window also allows real-time
imaging of the grout placement. A series of experiments is performed under
pressure control with a dip angle of 0o. Variations of the grout placement radius
with time obtained from the experiments are compared with the theoretical
predictions based on radial flow of a Bingham fluid in between two parallel
plates. The experimental and theoretical results agree in the overall trend.
However, the maximum placement radius is overestimated by the theoretical
solution. Further development in the theoretical model is needed in order to take
into account the complexities such as the interface condition between the grout
and the walls and the time-dependent nature in the grout rheology.

Keywords: Grout placement � Rock joint � Radial flow

1 Introduction

Grouting is a ground improvement technique that has been commonly employed to
improve rock mass quality. By filling the void spaces in rock joints with materials such
as cement, grouting can not only increase the strength and stability of the jointed rock
mass, but also help control groundwater flow.

Rock joint characteristics, grout properties and grouting operation conditions all
affect the placement of the grout in the rock mass. Grouting treatment is particularly
challenging if a rock joint has a large aperture, high dip angle and long extension.
Gravity tends to drive the grout to flow downwards along the steep slope instead of
spreading out laterally to fully seal the joint. For a grout with a long pumpable time,
e.g., the ordinary Portland cement grout, excessive downward flow could result in grout
leakage and poor sealing effect, as was observed in the Jinping-I hydropower station on
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Yalong River where unloading joints subjected to high in situ stresses are present in the
left bank slope [1]. The issue in this particular project was remediated primarily by the
improvement in the grout mix design [1, 2]. Additives were included to adjust the
cement hydration process, which essentially affected the time-dependent rheological
behaviors of the grout.

Grout placement in a rock joint has often been modeled based on steady state radial
flow of a non-Newtonian fluid of power law or Bingham rheology [3–5]. Transient
flow of a Bingham fluid in a fracture with parallel walls was investigated in [6]. Spread
of grout in a fracture with varying aperture as well as in a three-dimensional network
was discussed in [7]. Similar problems have also been investigated in the drilling
industry for the issue of drilling mud loss [8–10]. Previously in the literature, most
experimental and theoretical analyses on grouting dealt with the case when the fracture
is horizontally oriented.

In order to better understand how the complex grout rheology such as
time-dependence and the joint configurations including the aperture and the dip angle
affect the grout placement, a large-scale flow cell was constructed at the Chengdu
University of Technology (CDUT) to model the grouting process in a single rock joint.
In this work, we report a preliminary study where the injection experiments in this
laboratory grouting simulator are compared with a theoretical analysis based on radial
flow of a Bingham fluid in between two parallel plates. The aim of the present work is
to establish a baseline to aid further development of the theoretical model. Experi-
mental setup and theoretical background are first described. The experimental and
theoretical results are then presented and compared.

2 Experimental Setup

2.1 Grouting Simulator

The grouting simulator at CDUT consists of a joint simulation system, a grouting
control system and a data acquisition system, see Fig. 1. A distinct feature of this
simulator is that the dip angle of the joint model can be adjusted in between 0 and 90o.
Aperture of the joint can also be varied from 0 to 25 mm. The largest dimensions of the
joint in the longitudinal and lateral directions are 6.4 m and 3.8 m, respectively. There
are five injection ports with a diameter of 20 mm on the joint surface. Different
injection ports can be selected to allow grout flow for as long as possible at a given dip
angle.

The experiments can be conducted under either injection pressure-controlled or
rate-controlled with the joint being initially empty or filled with water to simulate the
condition inside a natural fracture. A grid laid out on top of the viewing windows on
the joint surface allows recording of the grout placement profile in real-time.

2.2 Testing Materials

Grouts made of ordinary Portland cement are tested. The cement is produced by the
Southwest cement plant in Chengdu, Sichuan, China. The chemical composition of the
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cement as deduced from X-ray fluorescence (XRF) and X-ray diffraction (XRD) anal-
yses. The mass content of SiO2 and CaO is 20.91% and 63.12%, respectively.

The grout is made with a water-cement ratio of 0.5. Initial density of the grout is
1.82 g/cm3 and the pumpable time is about 6 h. The initial fluidity obtained from a
cone model is 210 mm.

The grout is assumed to be of Bingham rheology, i.e., s ¼ s0 þ l _c, where s and _c
are the shear stress and strain rate. In our experiments, the yield stress s0 and the plastic
viscosity l are determined from the measurements taken at shear rates of 300 rpm and
600 rpm in a six-speed rotational viscometer.

2.3 Testing Parameters

A series of four injection tests is performed under pressure control with the joint
oriented horizontally (dip angle = 0o). The joint is initially empty and dry. Both the
injection pressure and the grout rheology are varied. Variation of the grout rheology is
achieved by starting the tests at different times after the cement is mixed. The testing
parameters are listed in Table 1, where P0 is the pressure in the grout generating
apparatus; P1 is the line pressure loss and Pin is the injection pressure at the injection
port. History of the grout front radius is recorded during the tests.

Fig. 1. Schematic of the laboratory grouting simulator.

Table 1. Parameters in the grouting tests.

Test No. P0 (kPa) P1 (kPa) Pin (kPa) l (mPa.s) s0 (Pa)

1 60 50 10 50 25.55
2 70 60 10 50 30.66
3 80 60 20 50 30.66
4 90 60 30 62 45.0
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3 Theoretical Model

Though the grouting process in the aforementioned experiments is transient in nature,
the process can be approximated as quasi-steady state since there is no back pressure
beyond the fluid front. In other words, the boundary condition at the grout front can be
treated as drained. Effect of pressure diffusion may be regarded as secondary. A theo-
retical model can be constructed based on radial flow of a Bingham fluid in between
two parallel plates.

The grout may be assumed to be an incompressible single phase fluid. No slip
condition may be assumed for the interfaces between the grout and the two walls. After
combining the rheological equation, the equilibrium equation, the geometrical equation
and the continuity equation with the no slip condition at the walls, the injection rate at
the inlet can be expressed as a function of the local pressure gradient through [8],

Qo ¼ 2pr
s0b2

3lw

� �
w3 � 3wþ 2
� � ð1Þ

where r is the radial coordinate and b is half of the joint aperture. Symbol w denotes the
ratio between the yield stress and the shear stress at the walls, sw,

w ¼ so
sw

¼ so
dp=drj jb ð2Þ

where dp=drj j is the magnitude of the local pressure gradient. For a yield stress fluid,
flow occurs only if the magnitude of the wall shear stress exceeds the yield stress,
sw � so or w� 1. Based on global mass balance, the growth rate of the grout front
radius can be written as,

drf
dt

¼ Qo

4pbrf
ð3Þ

Boundary conditions at the inlet r ¼ rwð Þ and the fluid front can be expressed as
p ¼ Pin at r ¼ rw and p ¼ 0 at r ¼ rf .

An explicit moving mesh algorithm based on Eqs. (1)–(3) is developed to solve for
the position of the fluid front rf as a function of time. An initial guess is needed to start
the numerical calculation. Such a guess can be obtained from the early time asymptotic
of Eq. (1).

At early time when the flow rate is relatively large, sw � so or w ! 0. Discarding
the higher order term in Eq. (1), the pressure gradient can be expressed as,

� dp
dr

¼ Qo

2pr
3l
2b3

� �
þ 3s0

2b
ð4Þ

Integrating Eq. (4) and substituting the injection rate Qo with Eq. (3) yield a first
order ordinary differential equation for the growth rate of the grout placement radius,
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drf
dt

¼ Pin � 3s0
2b rf � rw
� �

3l
2b2
� �

rf ln
rf
rw

� � ð5Þ

While Eq. (5) can be directly integrated with the result expressed in complex functions,
it is also straightforward to integrate it numerically.

Meanwhile, at late time when the wall shear stress at the fluid front reaches the
yield stress, i.e., sw ! so or w ! 1, fluid flow stops. The threshold pressure gradient
for flow cessation to occur is therefore dp=drj j ¼ s0=b. Consequently, the maximum
grout placement radius can be determined from,

rfmax ¼ rw þ Pinb
s0

ð6Þ

If the inlet radius rw is relatively small, the maximum front radius and the maximum
grout volume that can be placed into a horizontally oriented joint can be determined
from,

rfmax ffi Pinb
s0

Vmax ffi 2pb3 Pin
s0

� �2 ð7Þ

It can be shown that Eqs. (6) and (7) are valid not just for a Bingham fluid, but for any
complex fluids with yield stress.

4 Experimental and Theoretical Results

Grout front position as a function of time from Tests 1–4 is summarized in Fig. 2(a). As
expected, nearly circular grout fronts are observed in this series of tests, see Fig. 2(b).
In general, the grout front radius rf increases rapidly with time initially, but the growth
rate decreases as the grouting process continues. Eventually, the grout front becomes
almost stagnant.

Between Tests 1 and 2, only the yield stress is slightly different, so ¼ 25:55 Pa in
Test 1 and so ¼ 30:66 Pa in Test 2. The yield stress seems to have little impact at the
early time, but the effect gradually manifests itself at late time, see Fig. 2. As the
overpressure increases from Pin ¼ 0:01 MPa in Test 2 to Pin ¼ 0:02 MPa in Test 3, the
placement radius is nearly doubled; at t ¼ 300 s, rf ¼ 195 mm in Test 2, and rf ¼ 352
mm in Test 3. Increases in the overpressure, the plastic viscosity and the yield stress in
Test 4 seem to have resulted in a relatively similar flow behavior to that in Test 2.

Theoretical predictions for the growth of the placement radius in these four tests are
presented in Fig. 3. Compared with the experiments, the theoretical model yields much
fast growth rates for the front radius at early time. The grout front radius has almost
reached its maximum around t ¼ 50 s for all the tests. In addition, the maximum
placement radius rfmax as predicted by the theoretical model, rfmax ¼ 597; 499;
988; 1001mm for Tests 1–4, is also larger than what is observed at the last measurement
point in the experiments, rfmax ¼ 255; 255; 383 and 335 mm for Tests 1–4. In addition,
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it is expected from the theoretical model that variations of rf with time in Tests 3 and 4
should be relatively close since Pin=s0 is similar. However, the experimental results in
these two tests show marked differences.

Several factors may have contributed to the differences between the experiments
and the theoretical model. There is certainly room for improvement in the quantifi-
cation of the inlet pressure as well as the yield stress of the grout. We assume that the
pressure loss along the line is constant during the test, which is debatable since the
pressure drop also depends on the injection rate. In the experiments, the yield stress is
obtained by extrapolating the measurements at rates of 300 rpm and 600 rpm to the
zero shear rate. Rheology in the near zero shear rate range could be rather complex.
Such an extrapolation may not have yielded the true yield stress of the grout. On the
other hand, the theoretical prediction is relatively sensitive to the yield stress,

(a) (b)

Fig. 2. Growth of the grout front radius with time; (a) comparison for Tests 1–4, (b) plan view
from Test 1.

(a) (b)

Fig. 3. Comparison between the theoretical predictions and the experimental results; (a) growth
of the grout front radius with time, (b) dependence of the maximum grout placement radius on
Pin=s0; comparison with the last experimental measurement points.
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rfmax / 1=s0. Slight change in the yield stress magnitude could have a relatively large
impact in the maximum placement radius. For example, Pin ¼ 10 kPa and s0 ¼ 55
MPa yield rfmax ¼ 283 mm, which is indeed rather close to the results in Tests 1 and 2.
Other factors such as the interface condition between the grout and the walls and the
time-dependent nature of the cement grout rheology may also be the sources that have
caused the differences between the experiments and the theoretical model.

The comparison between the experimental results and the theoretical predictions is
nevertheless encouraging since the theoretical model is able to capture the overall trend
of the grout front growth. The differences between the two could help guide us in
further improving the experimental design and material characterization as well as in
adding complexities in the theoretical model in future work.

5 Concluding Remarks

Experimental and theoretical analyses have been conducted to investigate the grouting
process in a rock joint. The grouting experiments are conducted in a newly constructed
large-scale laboratory grouting simulator with unique features that allow adjustments in
the joint aperture and inclination. A series of four tests are performed with the dip angle
equal to zero under a pressure-controlled condition. The experiments are then modeled
theoretically based on radial flow of a Bingham fluid in between two parallel plates.
Results from this comparative study can be summarized as follows.

• Under the pressure-controlled boundary condition, both the experimental observa-
tions and the theoretical predictions show that the grout front extends rather rapidly
at the early time (within *50 s during the experiments and *10 s from the the-
oretical solution). Growth of the grout front gradually slows down and flow of the
grout eventually stops due to the yield stress of the grout. As expected, the shape of
the grout front is observed to be nearly circular in the experiments.

• Both the overpressure and the grout yield stress affect the grout placement. The
maximum placement radius from the theoretical solution and from the last mea-
surements in the experiments increases with the overpressure, but decreases with the
grout yield stress.

• The maximum placement radius is overestimated by the theoretical solution. While
further improvement is needed in better control of the experimental conditions and
in incorporating more complexities in the theoretical model, the theoretical model
provides a relatively simple and first order estimate for the design of the grouting
treatment, which could be quite beneficial from an engineering practice stand point.
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Abstract. Enhanced Geothermal Systems (EGS) utilize the heat of the earth to
produce electricity or to heat buildings. In EGS, a crystalline rock, usually
granite, is hydraulically-fractured to produce a network of fractures through
which the water is circulated. While several pilot projects have proven that this
technology can be successful, the strong seismicity caused during the hydraulic
fracturing stage is limiting its widespread use. Therefore, the causes of this
micro-seismicity need to be better understood. This research evaluated the effect
of the rate of water injected in granite specimens on the magnitude and number
of micro-seismic events produced during recently-conducted hydraulic fractur-
ing tests. In these tests, granite specimens subjected to two different vertical
loads (0 and 5 MPa) were hydraulically-fractured while visual and
micro-seismic monitoring was performed. The objectives of this paper were to
examine the relationship between the number and amplitudes of the first P-wave
arrivals of micro-seismic hits, and the rates of water injected used in the tests. It
was found that in pressure increments closer to failure, more AE (Acoustic
Emission) hits occur after the highest injection rates. This delayed seismic
response may be due to the release of stresses accumulated during the high
injection-rate stages of the tests. The study also showed that considerable energy
is released throughout the tests as hits with relatively high P-wave amplitudes
are observed before the visible fractures propagate

Keywords: Micro-seismic events � Hydraulic fracturing � Granite
Injection rate

1 Introduction

The continuous development of alternative renewable energy sources is necessary to
bring about an environmentally sensible era. One area of potential takes the form of
Enhanced Geothermal Systems (EGS) which, according to a recent report, may be
capable of providing more than 100,000 MWe for the next 50 years in the United States
[1] and have been gradually adapting and becoming more efficient as time progresses.
In EGS, hydraulic fracturing of rock is primarily used to induce fractures in rock
formations. The network of fractures creates a permeable track in which the injected
water can flow and exchange heat with the surrounding rock in an efficient manner.
While some pilot projects have proven the feasibility of EGS [2, 3], there are many
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issues that may affect the productivity and feasibility of this process, such as water
escaping the production loop, short-circuiting of the water path, and induced seismicity
[4, 5].

In this particular research, the issue of understanding the interaction between the
hydraulic fracturing processes and seismic activity induced from such processes was
investigated. Such interactions are difficult to analyze at the field scale as they occur
deep within the ground. Therefore, laboratory experimentation plays a crucial role in the
understanding of the induced seismicity produced during the hydraulic fracturing of
rocks. This paper analyzes the effects of the rate at which water is injected in granite
specimens on the resulting seismic activity, particularly on the number of micro-seismic
events and on the amplitude of the first P-wave arrivals.

2 Methodology

The experiments that were the basis of this study were performed by Gonçalves da Silva
[6] and Gonçalves da Silva et al. [7]. In these experiments, granite specimens were
placed into a pressure enclosure, which held the specimen such that water could be
injected into precut fractures, or flaws, and viewed through a polycarbonate viewport on
the opposite side (see Fig. 1). To simulate the overburden pressure, a vertical stress was
applied to the granite specimens. Both sides of the specimen had four acoustic emission
sensors attached. In this particular research, only the P-waves were analyzed, since the
sensors used were not able to record S-waves. The P-wave sensors picked up the
micro-seismic P-waveforms that propagated away from the location of the seismic
events which are primarily caused by the development of micro- and macro-cracks.
Based on these waveforms, the amplitudes of the first P-wave arrivals of micro-seismic
“hits” and events, as well as their corresponding location, could be determined. In the
context of this paper, an acoustic emission “hit” occurs when an acoustic emission
sensor picks up a P-wave with an amplitude higher than a user-defined threshold which,
for the current research, was 36 dB.

Fig. 1. Testing apparatus.
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The specimen was incrementally subjected to water pressures. As shown in Fig. 2,
the total volume injected as well as the water pressure were incrementally increased
until cracks propagated.

As illustrated in Fig. 3, the tests conducted in granite specimens were named by
flaw geometry spacing (L), flaw angle ðbÞ bridging angle between the flaws að Þ and
vertical loading (VL) applied on the specimens, which can be 0 or 5 MPa. Although
most tests consist of a double-flaw configuration, tests with a single-flaw were also
investigated, in which the angle b and vertical load VL were used to identify the
specimens tested. The specimens studied in this paper are shown in Table 1, which is a
subset of the specimens tested by Gonçalves da Silva [6].

The plot in Fig. 4 denotes “I1” to “I6”, or “Increment 1” to “Increment 6”. These
“Increments” were defined for each analyzed test in order to determine the injection
rates for each increment leading to failure. Figure 4 shows the breakup of these

Fig. 2. Pressure and water injected over time. The green ellipse highlights the pressure drop
when visible fractures begin to propagate.

Fig. 3. Nomenclature for double-flaw geometries: L�b�a�VL.
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increments for test 2a-30-0-VL0-B. Each increment was subdivided into three sections
of different slopes: “High” (H), “Middle” (M), and “Low” (L). The slopes denote
volume of water injected over time; in other words, the rate of injection of water. The
“Increment” numbering starts from the failure of each test and ends at the 6th increment
which corresponds to approximately 50% of the total volume of water injected.

3 Results

The results presented in this section will focus primarily on one of the tests analyzed,
namely 2a-30-0-VL0-B, since the results of this test are representative of all the tests
analyzed. Given the number of figures that would have been necessary, it would not be
feasible to show and separately analyze the results for all the tests investigated.

3.1 Number of Hits Versus Injection Rate

As noted in Fig. 4, each increment was broken down into three separate intervals
whose slope represents the rate of injection. “High” (initial), “middle” (intermediate),
and “low” (end) injection rates were considered. Figure 5 shows the injection rates
used in this study for the tests analyzed. The “high” injection rate corresponds to

Table 1. Specimens analyzed in this study.

Specimens

2a-30-0-VL0-B 2a-30-0-VL5-C
2a-30-30-VL5-B 2a-30-60-VL0-C
2a-30-120-VL5-B 30-VL5-C
2a-30-30-VL0-C 30-VL5-B

Fig. 4. Volume of water injected and cumulative hits vs time for test 2a-30-0-VL0-B. The “H”,
“M”, and “L” correspond to the High, Middle, and Low injection rates per increment (only
shown in I6, I5, and I4 above).
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approximately 6–8 mm3/sec, the “medium” to 2 mm3/sec and the “low” to 1 mm3/
sec. Figure 6 shows the number of AE hits increasing as the volume injected increases
from about 4 cm3 to 4.35 cm3 for a particular pressure increment. Sudden increases in
the cumulative hit count can be observed in the three injection rates investigated; these
sudden increases are interpreted as microscopic cracking.

Figure 7 shows the number of hits and the average of the first P-wave amplitudes
versus injection rates for Increments I6 to I1 for the test 2a-30-0-VL0-B. Focusing on
the number of hits, it is observed that there are more hits in the “middle” injection rates
for the initial Increments I6 to I4. For the increments closer to failure – I3 to I1 – there
are significantly less hits in the “high” injection rate periods than in the “medium” and
“low” injection rates. This relatively counter-intuitive observation may be caused by a
delayed release of strain energy accumulated in the “high” injection rate periods. This
behavior may be material-related; however, other rocks would need to be tested in a
similar way to confirm this hypothesis.

Fig. 5. Injection rates used in this study for each specimen analyzed.

Fig. 6. Volume of water injected and cumulative AE hits vs time for increment I5 in test
2a-30-0-VL0-B.
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It is also interesting to note that significant microseismic activity can be observed
from early stages of the test. In Increment I6, for example, 30, 36 and 7 AE hits were
recorded for the “high”, “middle” and “low” injection rate periods, respectively. These
hits may be caused not only by the development of micro-cracks, but also by the
closure of existing micro-cracks, crushing of grains and sliding between particles. More
research would be necessary to determine the mechanisms responsible for this early
microseismic activity. Furthermore, the material heterogeneity could have an effect in
the results (such as grain size, shape and distribution), but separate testing of different
rocks would need to be conducted to observe possible effects.

3.2 Amplitude of the First P-Wave Arrivals Versus Injection Rates

Figure 7 shows that there is not a clear trend in the variation of the average P-wave
amplitudes with the injection rates. In general, the average P-wave amplitudes range
between 42 dB and 48 dB regardless of the injection rate. The exception is the “low”
injection rate of Increment I1 (52 dB), which occurs immediately before the devel-
opment of visible cracks, therefore releasing more energy than the microscopic cracks
that developed previously.

In order to better assess the effect of the injection rates in the first P-wave ampli-
tudes of the micro-seismic hits recorded, the ten largest seismic hits at each period of
injection were isolated and their average amplitude calculated. By doing this, one can
better analyze the effect of the injection rates in the amplitudes of the largest
micro-seismic events. In fact, when the average of all the hits is used, the amplitudes of
the largest events are “diluted” in the amplitudes of the many lower-amplitude events.
Figure 8 shows the average amplitude of the ten largest micro-seismic hits during the
increments and injection rates studied for test 2a-30-0-VL0-B.

Fig. 7. Increments I-6 to I-1 for specimen 2a-30-0-VL0-B.
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In general, the average P-wave amplitudes of the top-ten AE hits range between
45 dB and 50 dB from Increments I6 to I2. In Increment I1, the top-ten P-wave
amplitude increase to 60 dB and 80 dB for the “middle” and “low” injection rates,
respectively. The injection rates do not appear to have a strong effect on the average
top-ten amplitudes; for Increments I5 and I4, the maximum amplitudes occur in the
“middle” injection rate, while in Increments I6, I3 and I2, the maximum amplitudes
occur in the “high” injection rate period. In Increment I1, closer to failure, the maxi-
mum amplitudes occur in the “low” injection rate; this is related to the fact that the
visible cracks developed at this injection rate, releasing more energy and therefore
creating large-amplitude events.

The fact that the average of the amplitudes of the P-wave hits (all and top-ten) does
not vary substantially, except for Increment I1, indicates that the mechanisms
responsible for this microseismicity may be very similar throughout the tests regardless
of the injection rate used. If one assumes that the microseismicity generated between
Increments I6 and I2 is entirely caused by micro-cracks, the relatively constant average
amplitudes of the first P-waves may indicate that these micro-cracks have comparable
size and relative motion. This does not apply to Increment I1, in which
higher-amplitude AE hits are related to larger, usually visible, cracks.

4 Conclusion

The effect of the injection rates on the number and amplitude of AE hits was inves-
tigated using data obtained from hydraulic fracturing tests conducted in granite spec-
imens with pre-fabricated flaws.

From the analyses presented, it was observed that while injection rates do not seem
to affect the number of hits in the initial pressure/volume increments, it is clear that there
are less hits in the “high” than in the “middle” and “low” injection rates for increments
closer to the failure of the specimens. This response may be due to a delayed release of
the stresses accumulated during the high injection periods of the tests.

II1I2I3I4I5I6

Fig. 8. Injection rates (blue bars) vs average of the ten largest first P-wave amplitudes (red lines)
for test 2a-30-0-VL0-B.
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Furthermore, the amplitudes of the microseismic AE hits do not appear to be
significantly affected by the injection rates used, except in the increment before failure.
This may indicate that the mechanisms responsible for the microseismicity are, in
general, very similar regardless of the injection rate used.

Finally, significant microseismic activity does not occur solely when visible frac-
ture propagation takes place. Instead, considerable energy is also released throughout
the tests, since many hits with relatively high P-wave amplitudes are observed before
the visible fractures propagate.
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Abstract. Current research on coarse-grained soils focuses mostly on the
physical and mechanical properties of particle aggregates. For the study of the
coarse-grained soil’s breaking behavior, the particle contact experiments
involving marble particles are carried out by employing Rock Rheological
Testing System, through which the mechanical properties and microscopic
mechanism of marble particles’ contact breakage are analyzed. Moreover, the
numerical simulation with parameters for strength reduction is performed to
reveal the breakage process. The study shows that, the local breakage is
occurred firstly in the contact area and then the Elastic Core is formed under
normal contact force. The existing of the Elastic Core changes the path of force
transfer that results in overall breakage of the particle after crack coalescence.
Considering the stress concentration in contact breakage, parameters calibrated
through uniaxial compression test are unsuitable for numerical simulation. The
introduction of strength reduction parameters contribute to the simulation on the
morphology after breakage.

Keywords: Contact test � Particle breakage � Elastic core
Numerical simulation

1 Introduction

Coarse-grained soil is with high strength, small deformation, good permeability and
other characteristics, which is widely used in earth rock dams, highways, railways,
airports, dams, bridge piers, artificial islands, and ground treatment engineering
applications. In recent years, super high dam construction has developed rapidly in
China, so that the research on the mechanics mechanism and engineering character-
istics of coarse-grained soil under high stress has caught the attention of many scholars.

The breakage of soil particles refers to the phenomenon that the coarse-grained
component in soil crack and slit into multiple particles under the influence of external
factors [1]. Particle breakage may result in a change of particle gradation that may
influence the structure and has a noticeable impact on the mechanical behaviors of soil.

Study of soil particle’s breakage was first started in the beginning of the last
century, but there was no notable successes limited to the experimental conditions. In
1948, Terzaghi, the founders of modern soil mechanics, found that the phenomenon of
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particle breakage is obvious in the compression test of sand [2]. Since that a growing
number of researchers began to study on particle breakage [3–7]. Through contact test
between two particles, large-scale direct shear test and centrifuge modeling test, Wang
[8] studied the mechanical characteristics between coarse grained soil particles under
contact conditions. Moreover, a force-deformation fitting formula was proposed based
on the tests. The rise of Discrete Element Method (DEM) breaks through the limitations
of conventional indoor geotechnical tests in the study of meso-mechanism [9], so that a
new direction has been opened for the study of mechanical behavior and particle
fragmentation of granular systems. DEM has been used by many scholars in the study
of particle contact mechanics [10]. Using PFC3D to simulate the contact test of Gypsum
granules, Wang [7] found that the numerical parameters calibrated by uniaxial com-
pression test are not suitable for numerical model of particle contact. In the past, the
researches predominantly focused on the physical and mechanical properties of particle
aggregations, research on coarse-grained soils and particle contact characteristics is
rare. At present, there is little research on the process, morphology and mechanism of
particle breakage from the angle of particle contact, and the experimental data cannot
directly get the physical and mechanical parameters related to particle contact when the
particle is broken, it is difficult to reveal the crushing process and mechanism of
individual particles.

From the angle of particle contact, this study investigate the crushing mechanism
and morphology of marble particles through ball-surface and ball-ball contact test by
employing Rock Rheological Testing System. Moreover, this study also introduces a
contact model with strength reduction parameter in PFC3D to simulate the process of
marble particles’ breakage. And the result of breakage morphology of single particle is
similar to that of the experiment. The numerical simulation provide a good supplement
to the experimental results by observing the development of the local breaking zone
and analyzing the basic particle’s displacement, to further reveals the meso mechanism
of the contact crushing process of marble particles.

2 Experimental Study

2.1 Experimental Material

It is difficult to carry out duplicate test considering all factors (particle size, shape and
etc.). As a preliminary research, this study chooses the spherical marble particle with a
diameter of 5 cm. If the particle size is too large, point to point contact cannot be
guaranteed; on the other hand, if the particle size is too small, the particle can easily slip
below the experimental limits. Basic mechanical parameters measured by standard test
for marble materials used in the test are shown in Table 1.

Table 1. Physical parameters of marble

Compressive strength Elastic modulus Poisson’s ratio Tensile strength Specific gravity

34.9 MPa 57.94 GPa 0.210 2.43 MPa 2.71
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Considering the large discreteness of the rock material itself, the crushing mech-
anism of spherical specimen under ball-ball contact and ball-surface contact is studied
by repeated experiment.

2.2 Experimental Instrument

As shown in Fig. 1, the test adopts Rock Rheological Testing System, which can
provide stable displacement control and servo control biaxial loading conditions. The
suitable loading system and spheric joint support are specially customized. The mea-
surement and control precision for specimen stress and deformation were 5 N and
0.001 mm, respectively. The data acquisition frequency was approximately 1 Hz.

2.3 Test and Results

The test process can be divided into the main steps of test preparation, loading and data
acquisition.

(1) The fixture is lubricated before the test starts to eliminate the effect of friction on
the final results.

(2) The error in placing specimen is permissible because of the ball hinge support.
Start and reset the measuring system when the specimen is ready. To ensure fully

(b) ball-surface

(a) Rock Rheological Testing System (c) ball-ball

Fig. 1. Experimental facilities and experimental conditions
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contact between test facilities, a normal force of about 200 N is applied in
advance.

(3) The loading process is controlled by the displacement to observe the change of
contact force-displacement relation the test. The loading rate of ball-surface and
ball-ball contact test are both 0.002 mm/s. The maximum displacement of
ball-surface contact is set to 1 mm and that of ball-ball test is set to 0.7 mm,
because a large displacement may let the specimen drop from the loading
platform.

It is necessary to note that for the standard rock specimens, the methods recom-
mended by International Society of Rock Mechanics and China’s Water Conservancy
Regulations require the loading rate of 0.5 MPa/s. However, there is no unified stan-
dard for contact test between particles. A loading rate of 5 N/s was performed in the
prophase research, which may stop the measuring system because the protection limit
of system would be triggered by the time specimens crush. Therefore, the method of
displacement controlled loading is employed. It is generally believed that a low strain
rate or astatic procedure refers to the strain rate below 10 −4s−1, and 10−4–10−2 s−1 for a
quasi-static procedure [11]. A contact test does not have the concept of strain. But, as a
reference, the loading rate divided by the diameter of the specimen belongs to a static
or quasi-static procedure.

A total of 40 groups of ball-surface contact tests and 20 groups of ball-ball contact
tests are conducted to explore the morphology after breakage. The experimental results
show that the morphology after breakage under two kinds of contact conditions are
similar.

When the test start, the local breakage first occurs at the contact point due to the
stress concentration (see Figs. 2(b) and 3(b)). And the local crushing area will form a
circular platform gradually with debris generated around it. With the loading going on,
a cone area is formed under the contact platform, which is tentatively called Elastic
Core [12]. In the vicinity of the elastic core, a number of cracks are gradually devel-
oped, and the particle is crushed into 2–4 blocks after crack coalescence. Only one
particle is broken in every test under ball-ball contact condition, and local breakage is
observed on another.

(a) before test (b) local breakage (c) crack propagation (d) morphology

Fig. 2. 5 cm marble breakage process under ball-surface contact condition
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The morphologies after breakage are shown in Figs. 4 and 5, and the detail of
enlarged scale of the elastic core is shown in Figs. 4(b) and 5(b). A penetrated crack
can be observed after breakage that divides the spherical particle into blocks.

The force-displacement statistical relationships obtained by the experiment above
are shown in Fig. 6. At the beginning, when the loading force reaches a certain value,
the contact point of marble particles is partially broken, and the first ascending segment
of the curve is the stage for the local breakage, along with the elastic core’s generating
and developing. The end point of the first ascending segment is the dividing point
between local breakage and overall breakage.

According to the results of the ball-surface contact test (see Fig. 6(a)), the average
contact force on overall breakage’s occurring is 5.156 kN, and the average slope of first
stage is 26.559 kN/mm. After the overall breakage, the strength and the slope of the
curve are related to the stress state after the crushing. However, the uncertainty of the
number of blocks and the width of the crack make the force state of the specimen after
crushing of lots of randomness.

Besides, According to the results of the ball-ball contact test (see Fig. 6(b)), the
average contact force on overall breakage’s occurring is 4.001 kN, and the average
slope of first stage is 16.885 kN/mm.

(a) before test (b) local breakage (c) crack propagation (d) morphology

Fig. 3. 5 cm marble breakage process under ball-ball contact condition

(a) (b)

Fig. 4. Marble particle breakage morphol-
ogy under ball-surface contact condition

(a) (b)

Fig. 5. Marble particle breakage morphology
under ball-ball contact condition
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3 Numerical Simulation

This study uses Particle Flow Code 3D (PFC3D) for numerical modeling and simu-
lating, which is based on Discrete Element Method (DEM).

In order to simulate the macroscopic phenomena of contact breakage, it is neces-
sary to establish the relationships between the macroscopic mechanical properties of
the material and the meso-mechanical parameters of the model. Since there is no direct
mathematical relations between them, calibration and interactive debugging is neces-
sary to match multiple sets of parameters. To get the results similar to the experiment,
repeated calculation and adjustment are required.

3.1 Numerical Model

The hemispherical model is used to simulate the marble spherical particles in this study.
The shape and size of the numerical model are consistent with the specimen in the
laboratory test. The diameter of the hemispherical model is 50 mm, and the specific
particle number and size are adjusted according to the situation. The wall unit in PFC3D

is used to simulate the contact surface.
Besides, a strength reduction parameter is introduced in the parallel bonding model

to take the influence of the stress concentration and local fragmentation to strength into
consideration. By using this parameter, the bond strength of the surrounding particles is
reduced when the bonding fracture occurs. The influence of this parameters on the
result is mainly reflected in the morphology after breakage. Through numerical cal-
culation, it is found that the affected area of the reduction parameter is related to the
particle size distribution of the hemispherical model, which needs to be determined
according to the specific numerical model.

In the numerical model, a subroutine is programmed to show local breakage by
changing the color of bond-broken particles to red.

(a) ball-surface contact (b) ball-ball contact

Fig. 6. Force-displacement statistical relationship
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The following 5 groups of meso parameters need to be calibrated for numerical
simulation.

(1) Contact modulus Ec and parallel bond modulus �Ec

(2) Ratio of normal stiffness to tangential stiffness (Particle) kn=ks
(3) Ratio of normal stiffness to tangential stiffness (Parallel bond) �kn=�ks
(4) Average normal strength �rc and tangential strength �sc and the strength after

reduction (Parallel bond)
(5) Value of isotropic stress

According to the previous study [7, 8, 13], the parameters in (1) mainly affect the
slop in the force-displacement curve. The parameters in (4) mainly affect the crushing
strength. And the parameter in (5) mainly affect the degree of breakage. The specific
numerical parameters should be obtained from the calibration and trial calculation.

The hemispherical model is composed of basic particles of varying sizes, as shown
in Figs. 7 and 8. According to previous studies [7, 13], the minimum particle size of the
numerical particle is 1.5 mm, with the ratio of the maximum diameter to the minimum
size of 1.8. The total number of numerical particles is about 30,000 for ball-surface
contact test and 60,000 for ball-ball contact test. In this situation, the range of the
strength reduction effect is 1.5 times the sum of the two particle radius of the bonding
fracture.

Previous research indicates that, parameters calibrated through uniaxial compres-
sion test are unsuitable for numerical simulation. The parameter calibration process of
contact test simulation is as follows.

(1) To calibrate Ec and �Ec, we take the secant modulus (average) of contact test as the
target value. We fix the material’s strength to 60 Mpa that higher than its com-
pressive strength at first, and then adjust Ec and �Ec to make the secant modulus of
the numerical model similar to that of contact test’s result.

(2) To calibrate kn=ks and �kn=�ks, we take the Poisson’s ratio corresponding to the
secant modulus (average) of contact test as the target value.

(3) To calibrate �rc and �sc, we take the value of compressive strength of specimen as
target value.

Fig. 7. Model for ball-surface contact test Fig. 8. Model for ball-ball contact test
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Parameter debugging methods are referred to the PFC official handbook. The
strength reduction parameters introduced in this model are obtained in actual simulation
and calibrate with reference to the crushing process and morphology. The value of
isotropic stress is according to the experience of rock material simulation.

The parameters for the contact model are shown in Table 2

3.2 Modeling Results

The shape changing along with the increasing of loading under ball-surface and
ball-ball conditions are shown in Figs. 9 and 10 respectively (top view). The red part of
the specimen indicates that in which place the local breakage occurs.

The picture shows that when the loading start, the top of the hemispherical model is
partially broken due to the stress concentration. And the fractured region expands
continuously with the loading going on. The broken area begin to join up when the load
reaches a certain value, and the fractured surface develops rapidly as well (see Figs. 9(c)
and 10(c)). Finally, the breaking surface has been connect into one piece and overall
breakage take place (see Figs. 9(d) and 10(d)). The morphology after breakage is
basically consistent with the contact test.

Table 2. Modeling parameters of ball-surface contact simulation

Parameters Value

Ec/Pa 0.5e9
�Ec/Pa 0.95e9
kn=ks 4.78
�kn=�ks 4.78

�rc/Pa 13e6
�sc/Pa 13e6
Average normal strength after reduction/Pa 10e6
Average tangential strength after reduction/Pa 10e6
Functional range of strength reduction parameter(multiple of particle diameter) 1.5
Value of isotropic stress/N −5e3

(a)0.309 mm (b)2.097 mm (c)2.978 mm (d)2.996 mm

Fig. 9. The breaking process of ball-surface contact simulation
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In the vertical direction of the breaking surface, the development of the internal
crushing area can be observed by capturing the cross section of the contact surface (see
Figs. 11 and 12). It shows that the crushing area is developing in both horizontal and
vertical directions with the loading going on. The shape of the crushing area is basically
unchanged but the range of which is enlarged. The front edge of the local fragmentation
area gradually formed the crushing surface, which is almost the same time with that in
the top view. Then the crushing surface is rapidly developed to the bottom of the
model, and the overall breakage happened to the specimen.

The displacement of the internal particles can reflect the development trend of local
breakage in different regions of the specimen. Figures 13 and 14 are displacement
vector diagrams of the layer of particles perpendicular to the breaking surface, the
direction of the arrow represents the direction of displacement, and the length of the
arrow represents the size of displacement.

It can be found that the local breakage area is cone-shaped and develop gradually.
The displacement vector between particles in the cone area is basically the same, that
pushes the particles in the front move downward. After the cone area develops to a

(a)0.180 mm (b)1.200 mm (c)2.760 mm (d)2.880 mm

Fig. 10. The breaking process of ball-ball contact simulation

(a)0.309 mm (b)2.097 mm (c)2.789 mm (d)2.990 mm

Fig. 11. The breaking area’s development of ball-surface contact simulation

(a)0.180 mm (b)1.200 mm (c)2.760 mm (d)2.880 mm

Fig. 12. The breaking area’s development of ball-ball contact simulation
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certain extent, it squeezes the surrounding particles to the sides and causes the speci-
men to crush.

The force-displacement curve obtained by numerical simulation of ball-surface
contact test is linearly changed before overall breakage. The slope of first stage is
11.962 (kN/mm). And the model crush under the contact force of 33.78 kN (see
Fig. 15)

And for the ball-ball contact simulation, there is a big fluctuation in the curve
before the overall breakage occurs (see Fig. 16). By observing the loading process
when simulating, we find that the fluctuation of the curve is caused by the whole
dislocation of the specimen. The contact position is not a smooth surface because of the
limitation of modeling method. With the loading going on, the ball-ball model has a
certain dislocation to overcome the friction.

The fact that the numerical particles cannot bond with the wall result in the dif-
ference between force-displacement curve and the calibration result. Because the
boundary conditions in simulation are different from those required by symmetric

(a)0.309 mm (b)2.097 mm (c)2.789 mm (d)3.120 mm

Fig. 13. The diagram of particle displacement for ball-surface contact simulation

(a)0.180 mm (b)1.200 mm (c)2.760 mm (d)2.880 mm

Fig. 14. The diagram of particle displacement for ball-ball contact simulation

Fig. 15. The force-displacement curve of
ball-surface contact simulation

Fig. 16. The force-displacement curve of
ball-ball contact simulation
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modeling. But the form and development law of crushing are basically consistent with
the experimental results.

4 Comparative Analysis

In the numerical simulation, the cone-shape crushing zone is similar to the elastic core
in the results of experiment in shape and development trend (see Fig. 17).

As shown in Fig. 17 the contact area of numerical simulation is much larger than
that of the laboratory test when the overall breakage occurs. The possible reason might
be that the overall breakage only take place at a large displacement in numerical
simulation, which is clearly reflected in the contact force-displacement curve. Com-
paring the results shown in Fig. 15 with that shown in Fig. 6(a), we can find that the
slope in laboratory test is about twice as much as that in numerical simulation. Besides,
the contact force and displacement are different between experiment and numerical
simulation on crushing.

In addition to the differences in boundary conditions, another reason is that the
PFC3D numerical model is composed of small particles that need for overlap between
them to transmit the force, which will make the sample perform like granular mixtures.
However, the strength reduction parameters introduced above only take actions when
local breakage takes place. Thus, the overall breakage occurs at a large displacement.

Though the result carried out by numerical simulation with strength reduction
parameters cannot be used in quantitative analysis, the morphology after breakage is
similar to the laboratory test. The numerical method in this study can be used to analyze
the process and mechanism of crushing development. Through numerical simulation,
we can study the formation, development process and meso-mechanism of local
breakage, as well as the overall breakage of particles. The result of numerical simu-
lation is a good supplement to laboratory experiment.

(a)ball-surface contact test (b) ball-ball contact test

Fig. 17. The comparison of shape between experiment and simulation after breakage
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5 Conclusions

By employing Rock Rheological Testing System, the particle contact experiments are
carried out along with the numerical simulation using PFC3D to study the marble
particles’ breakage process, morphology after breakage. The main results are as
follows.

(1) In marble particles’ contact test, the local breakage is occurred firstly in the
contact area and then the Elastic Core is formed under normal contact force. The
existing of the Elastic Core changes the path of force transfer, and results in
overall breakage of the particle after crack coalescence

(2) This study introduce a strength reduction parameter in numerical model in con-
sideration of the stress concentration’s influence on the strength of the adjacent
area in the crushing zone, which can simulate the overall breakage phenomenon
of the particles quite well.

(3) The result of numerical simulation is a good supplement to laboratory experiment,
which further clarified the meso-mechanism of the contact breakage process of
marble particles.

(4) This study only involves marble particles with particle diameter of 5 cm. Further
research should be carried out considering the influence of different size, shape
and material.
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Abstract. Numerous fissures, joints and faults exist widely in natural rock
masses which played an important role in the geotechnical engineering.
Experimental and numerical methods are very important to the researches of
jointed rock mass. The improvement measures of Discontinuous Deformation
Analysis numerical method make it more suitable for the failure process of
jointed rock mass. A rock specimen was tested under compression by experi-
mental method and numerical method. The numerical test of failure process that
improved Discontinuous Deformation Analysis method matches well with the
experiment of rock specimen. The process proved that the improved Discon-
tinuous Deformation Analysis method could effectively simulate the failure
process of jointed rock mass. Additionally, detailed initiation and propagation
process of secondary cracks were shown in the research. The initiation and
propagation of secondary wing cracks were significant behaviors during the
failure process of jointed rock mass. Detailed crack extending process had been
discussed deeply and it could be useful for the theoretical research.

Keywords: Rock specimen � Experimental test � Numerical method

1 Introduction

Numerous fissures, joints and faults exist widely in natural rock masses which played
an important role in geotechnical engineering. Fissures, joints and faults could initiate
to propagate facing compressions during the excavation of engineering. As a result, the
surrounding rock in tunnels or hydropower stations could be damaged by the propa-
gation of secondary cracks. Griffith [1] established the brittle fracture mechanics in
1920. In 1960s, Cook [2] tested many specimens with precast cracks. Sih [3] created S
principle to explain the propagation of cracks. Primeval researches on jointed rock
mass lacked efficient research methods which make it difficult to explore the detailed
failure process of rock mass.
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Experimental and numerical methods are very important to the researches of jointed
rock mass. Those methods simplify the complex natural rock mass for further explo-
rations. More and more researches were made by experimental and numerical methods
for the explorations of failure process. Gay [4] compared the results of specimens in
experiments with the practical engineering. Rossi [5] proposed a statistic numerical
method based on finite element. Huang [6] did some researches on the problem of
jointed rocked mass by numerical simulation. Zhu [7] illustrated the experimental
failure process of fissured cracks. Cracks which widely exist in natural rock mass could
obviously influence the mechanical characteristics, but the analysis based on numerical
simulation is still quite few, or not enough in depth.

Discontinuous Deformation Analysis method was a new numerical simulation
method created by Shi [8]. Joints and cracks which widely exist in rock mass could not
be separated completely by other existing numerical methods. To solve the problem,
the numerical method of Discontinuous Deformation Analysis was improved by Jiao
[9] who perfected this method. Jiao came up with Discontinuous Deformation Analysis
for rock failure method to solve the failure problems in jointed rock mass. This method
suited the researches of rock mass fracture criterion generation plane of fracture,
especially for the failure process of jointed rock mass.

2 Experiment on Failure Process

The experimental method was a kind of traditional research method which could be
extensively used in geotechnical engineering. Various variables of rock mass could be
effectively controlled by the experimental method. Although rock masses are widely
exist in nature, the aeolotropism of natural rock mass makes it very hard to test in
laboratory. Numbers of rocklike materials were used to construct rock specimen for
better test results. A kind of hybrid material containing cement mortar was selected to
simulate jointed rock mass in the following experiment. The failure process of speci-
men was recorded based on the results of experiments.

A kind of rocklike material which adopts special formulas was concluded after a
series of tests to simulated rock mass. The rocklike material mainly contains Portland
cement, quartz sand and admixtures. The mix proportion was 1:0.54:3.5:0.01. Speci-
men making process included stirring, concreting and other requisite steps. The mould
of specimen was removed after 24 h. Then the specimen was cured in the thermostatic
water tank for 5 days. After that, the specimen was transferred in drying oven for 2
days and then the specimen needed further requisite curing steps. The size of specimen
was decided by a special iron mould which was designed especially for the specimen.
The length, width and height of specimen were all 100 mm. 2D crack was constructed
by polyvinyl chloride film with the width of 1 mm during specimen making process.
The angle of the 2D preset crack was 45. The key physical and mechanical parameters
of specimen were similar to natural rock mass which was able to simulate the failure
process of jointed rock mass. The elasticity modulus of specimen was 10 GPa and the
strength of extension was 2.01 MPa.

Uniaxial compression was pressured upon the specimen in the experiment. The
loading rate of the uniaxial compression test was 0.002 mm/s. The rough failure
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process could be distinctly revealed in experiments the initiation and propagation of
secondary cracks will be detailed described in the following content. At the beginning
of the test, secondary cracks did not exist with the increasing uniaxial compression.
Wing cracks subsequently initiated from the top and bottom of preset crack almost
simultaneously. Compared with the preset crack, the direction of initiation cracks on
the endpoints of preset crack initiated almost vertically. Secondary wing cracks con-
tinue processing as the increasing of uniaxial compression. The propagation of wing
cracks’ trended to upright directions and extended toward the edges of specimen. The
curve of propagation tracks warped was shown in Fig. 1. Later in the failure process,
few tiny secondary cracks initiated which could be revealed on the surface of specimen.
Those tiny secondary cracks increased gradually as time went on. The combination of
secondary wing cracks and preset crack developed rapidly in the last stage of failure
process and finally formed a splitting crack crossing though the specimen. The spec-
imen was destroyed by the splitting crack when the uniaxial compression reached
19.3 GPa.

3 The Improved Discontinuous Deformation Analysis
Method

A large number of numerical methods had been adopted to analyze the discontinuous
planes since Goodman [10] invented a classic numerical method for analyzing dis-
continuous planes in 1968. Abundant research achievements had been approached by
numerical methods. However, the unsolved problem of contiguous bodies and dis-
continuous deformations puzzled all the attempts to establish a perfect numerical
model. Shi [8] created Discontinuous Deformation Analysis method to solve the
problem by using separated block systems. The numerical method was based on
Newton’s Second Law and Minimum Potential Energy Principle.

Fig. 1. Experiment on failure process of rock specimen
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3.1 Automatic Generation of Random Joints and Triangular Block

The length, dip angle, tendency and many other physical parameters and attributes of
cracks determined the characters of jointed rock mass as some kind of macroscopically
statistic law in nature. It is very important to select one statistic law in numerical
method. Las-Vegas method [11] and Monte-Carlo [12] method take an important
position in statistics. Monte-Carlo method is used in the automatic generation of ran-
dom joints to improve the Discontinuous Deformation Analysis method for achieving
good effects on rock mass. Numbers of random number peek methods could be applied
to generating random numbers. The improved Discontinuous Deformation Analysis
method introduces Linear congruential method to peek random numbers in the section
of [0, 1]. The original formula is shown in formula (1).

xn ¼ ðaxn�1 þ cÞðmodMÞ
rn ¼ xn

M ; n 2 N
x0

8<
: ð1Þ

where rn denotes the generated random number in the section of [0, 1], a denotes
multiplier, c denotes increment, (mod M) denotes the remainder of M, and x0 denotes
the original value.

The details of random cracks could be determined by the center situation, length
and direction angle of cracks in 2D numerical simulation. The distributions of center
situation follow the uniform distribution or Poisson distribution according to the pre-
vious researches. The uniform distribution was used in the improved measure by the
following formula (2).

ni ¼ ðb� aÞri þ a ð2Þ

where rn denotes the generated random number in the section of [0, 1], and fi denotes
the generated random number in the section of [a, b] following uniform distribution.

The distributions of length and direction angle of cracks follow the Gaussian dis-
tribution according to the previous researches. Gaussian distribution was used in the
improved measure by the following formula (3).

gi ¼ r
X6
j¼1

ðr12�ði�1Þþ 2j � r12�ði�1Þþ 2j�1Þþ l ð3Þ

where rn denotes the generated random number in the section of [0, 1], ηi denotes the
generated random number in the section of [a, b] following Gaussian distribution, r
denotes the standard deviation of Gaussian distribution, and l denotes the mathe-
matical expectation of Gaussian distribution.

Triangular blocks are separated by traveling wave methods for constructing meshes
in the calculation area. Meanwhile, virtual joints are also generated by the separation of
triangular block.
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3.2 The Inhomogeneity of Material and Fracture Algorithm of Boundary

The natural rock mass represents special characters of inhomogeneity which is different
from many numerical tests. Weibull distribution was used to simulated rock material
which could be illuminated by the following formula (4):

Uðh; bÞ ¼ 1� e�ð b
b0
Þk ð4Þ

where h denotes the homogeneity coefficient, b denotes the mechanical parameter, and
b0 denotes the average of the mechanical parameter.

Virtual joints are generated by the separation of triangular block. The adhesive
algorithm is used to connect those virtual joints. The algorithm could be determined by
the indicator of rock strength. The principle could be illuminated by the formula (5):

fn ¼ �T0 � l
fs ¼ c � lþ fntanu

�
ð5Þ

where fn denotes normal contact force, fs denotes tangential contact force, c denotes the
cohesion, u denotes internal friction angle, and l denotes the length of contact.

4 Numerical Modeling Test

The numerical method of improved Discontinuous Deformation Analysis for rock
failure would be good at simulating the failure process of crack’s propagation
according to the aforementioned content. The separated blocks could obviously display
the initiation, propagation and combinations of the secondary cracks under additional
loads. A numerical model which simulated the aforementioned rock specimen would
be constructed by the Discontinuous Deformation Analysis method. Further researches
were explored in the following content.

The numerical model was constructed by improved Discontinuous Deformation
Analysis method as shown in Fig. 2. The length and width of numerical model were
both 100 mm. The preset crack was settled in the center of the model. The angle of
preset crack was also 45 as the aforementioned rock specimen in the experiment. The
basic physical and mechanical parameters were the same with the rock specimen
before. Triangular blocks were produced automatically by the former numerical
improvement. Seven monitoring points were settled on the top and bottom edges to
record the displacement and strength during the failure process. Uniaxial loading sit-
uation was also similar with the specimen in experiment.

Detailed failure process of cracks’ initiation and propagation could be described in
the following content. The secondary wing cracks initiated from the top and bottom of
the preset crack in the second stage after the first stage which have no secondary crack
initiated. The wing cracks’ initiated angle was close to 90 compared with the preset
crack. Secondary wing cracks on the both sides of preset cracks extended to the top and
bottom edges as the increasing of uniaxial compression. The track of the wing crack
curved to vertical direction during its extending process. The secondary crack hardly

162 H. Zhou et al.



initiated except the wing cracks in this stage. The failure process of this stage is shown
in Fig. 3(a).

Comparing the aforementioned stage, the root of secondary wing crack became
widen besides the increasing of length which indicated stronger strength and larger
deformation. Secondary wing cracks continue extending to the edges of specimen with
its track curved to vertical direction. More and more micro cracks existed besides the
development of secondary wing cracks, especially around the progressive directions of
wing cracks as shown in Fig. 3(b). Adjacent secondary cracks combined together and
finally constructed a huge separated crack in the center of the specimen along with the
direction of uniaxial compression direction. The numerical specimen was damaged by

Fig. 2. Construction of rock specimen model in numerical test

(a) Initiation of wing cracks (b) Propagation of secondary cracks

Fig. 3. Detailed failure process in numerical test
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the huge separated crack at last with the compressive strength of the numerical test was
24.2 GPa which also was similar with the experimental test.

5 Conclusions

(1) The improved Discontinuous Deformation Analysis method could effectively
simulate the failure process of jointed rock mass. The numerical improvement
measure greatly improved its ability to calculate the initiation and propagation of
cracks. Comparing with other numerical methods such as XFEM, the initiation
and propagation of cracks in improved Discontinuous Deformation Analysis
method were influenced by the motion of rigid body. The Discontinuous Defor-
mation Analysis method was more suitable for calculating failure process of rock
mass. Microscopic researches of jointed rock mass would be promoted by the
improved Discontinuous Deformation Analysis method. However, the Discon-
tinuous Deformation Analysis method was immaturity which could only simu-
lated 2D specimen.

(2) The initiation and propagation of secondary wing cracks are significant behaviors
during the failure process of jointed rock mass. Detailed crack extending process
has been in depth discussed by the aforementioned experimental and numerical
test which could be useful reference for theoretical research on jointed rock mass.
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Abstract. Rock dynamic characteristics are important factors influencing the
long-term stability of rock masses. In addition, they are important parameters for
seismic response analysis and safety evaluation. In this study, a solution was
discussed for the evaluation of the damping coefficient of rock masses under
cyclic loading. Then, low cyclic loading tests with a frequency of 3 Hz were
carried out on sandstone samples. Through these tests, the influences of the
amplitude stress and cycle number on the dynamic elastic modulus and Pois-
son’s ratio, damping ratio and coefficient, and their relationships were evaluated.
Under the cyclic loading condition, the dynamic elastic modulus and Poisson’s
ratio increased parabolically and linearly with the increase in the amplitude
stress, respectively; however, the damping ratio and coefficient decreased in
accord with a power function. The damping ratio and coefficient increased
linearly with the increase in the cycle number, and their increments for
low-amplitude stresses were larger than those at high stresses. The results
suggest that the damping parameters of rock masses could be obtained from the
hysteresis loop measured from the intermediate cycle during a 31-cycle cyclic
loading test.

Keywords: Cyclic loading test � Dynamic elastic modulus and poisson’s ratio
Damping ratio � Damping coefficient

1 Introduction

The mechanical characteristics of rock and soil subjected to cyclic loading are
important factors influencing their long-term stability (Ge 1987). The dynamic elastic
modulus and damping ratio of rock and soil masses are the key factors for the eval-
uation of their stress-strain characteristics under seismic excitation. The dynamic
characteristics of soil masses have been extensively studied (He 1995; Worthington
et al. 2001) and abundant outcomes related to the strength, deformation characteristics,
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fatigue damage and dynamic response subjected to cyclic loading have been achieved
(Xi et al. 2002; Jafari et al. 2004; Bagde and Petroš 2005; Yang et al. 2007; Nie et al.
2011; Liu et al. 2014; Ni 2014; Fathi et al. 2016). However, compared with soil
dynamics, the dynamic parameters of rocks remain to be further investigated.

Nishi et al. (1983) and Chen et al. (2004) obtained relationships between the rock
dynamic shear modulus, damping ratio, confining pressure and static mechanical
parameters. The irreversible deformation and fatigue threshold of rocks subjected to
cyclic loading were systematically studied by (Ge 1987; Ge and Lu 1992; Ge et al.
2003). Ge summarized the observed bedrock deformation data and provided a rela-
tionship between the irreversible deformation and cycle number. According to the
loading-unloading tests of red sandstones and marbles, Mo (1988) found that the
relationship between the fatigue life and loading speed, frequency, and stress amplitude
under dynamic cyclic loading would be expressed as the S-N curve. The dynamic
parameters of rocks were studied by cyclic loading tests (Nie et al. 2011). They
continued to be widely used thereafter (Zhu et al. 2009; Xiao et al. 2010; Zhu et al.
2010; Jiang et al. 2011). However, few studies have addressed the influences of the
amplitude stress and cycle number on the dynamic elastic modulus and Poisson’s ratio,
damping ratio and coefficient, and their relationships.

At present, the measurement of rock damping ratio is mainly based on the method
of damping ratio in soil mechanics, which is obtained by low-cycle loading. However,
there is no appropriate method to measure the damping coefficient of rock. In this
study, the analysis methods and theoretical formulae of rock damping parameters were
first analyzed based on the structural dynamics to provide a theoretical basis for the
tests. The sandstone samples were then tested using cyclic loading tests to discuss the
rationality of selecting the data from the intermediate cycle to obtain the damping
parameters of the rocks. Based on the study, the influences of the amplitude stress and
cycle number on the dynamic elastic modulus and Poisson’s ratio were analyzed; the
relationships between the amplitude stress, cycle number and the dynamic elastic
modulus and between Poisson’s ratio, the damping ratio and the coefficient were
investigated.

2 Experimental Principle

For a linear single degree of freedom system with a damping force Fd under a sinu-
soidal compelling force FðtÞ ¼ F0 sinðxtÞ at t ¼ 0, its differential equation of motion
could be expressed as

m€xþFd þ kx ¼ F0 sinðxtÞ ð1Þ

where m is the mass of the rocks, k is the stiffness, and x is the vibration displacement.
The viscous damping is related to the strain rate or deformation rate of the rocks. If

it is assumed to be proportional to the motion velocity, the damping force Fd ¼ C _x.
C is the damping coefficient. Thus, Eq. (1) could be expressed as
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m€xþC _xþ kx ¼ F0 sinðxtÞ ð2Þ

Let x2
0 ¼ k

m, k ¼ C
2x0m

, f ðtÞ ¼ FðtÞ
m , x0 is the natural frequency, k is the damping

ratio, and f ðtÞ is the forced vibration force per unit mass. Equation (2) could be
expressed in plural form:

€xþ 2x0k _xþx2
0x ¼ f ðtÞeixt ð3Þ

Its particular solution is

P� ¼
F0
m eixt

ðixÞ2 þ 2ixkx0 þx2
0

ð4Þ

Based on the homogeneous differential equation corresponding to the characteristic
equation of Eq. (3) and its two latent roots, Eq. (4) could be transformed into

P� ¼
F0
k e

ixt

1� x
x0

� �2
þ 2ik x

x0

ð5Þ

Taking the imaginary part of Eq. (5), the particular solution of Eq. (1) could be
obtained as

x� ¼ X sinðxt � aÞ ð6Þ

where X is the amplitude of the vibration response, and a is a constant.
The general solution of the corresponding homogeneous equation to Eq. (1) could

be presented as

xðtÞ ¼ A1er1t þA2er2t ð7Þ

where A1 and A2 are constants. Then Combining Eqs. (6) and (7), the general solution
of Eq. (1) is

�x ¼ A1er1t þA2er2t þX sinðxt � aÞ ð8Þ

Although Eq. (1) provides a mathematical description of the viscous damping
vibration, the accurate calculation of the damping force is very difficult because of the
complexity of damping itself. Therefore, equivalent viscous damping is used for an
approximate calculation. Whatever the damping is, its essence is to cause the energy
dissipation of the vibration system. Thus, it could be assumed that the energy dissi-
pation of the vibration system replaced by an equivalent viscous damping is equal to
the energy consumed to overcome the actual damping within a cycle. Supposing that
the equivalent viscous damping coefficient is ~C, then the damping force could be
expressed as Fd ¼ ~C _x. For one cycle, the energy dissipation of a system is
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Edis ¼
Z T

0
Fddx ¼

Z T

0

~C _xdx ð9Þ

Under a sinusoidal compelling force, the steady displacement and velocity could be
expressed as

x ¼ X sinðxt � aÞ ð10Þ

_x ¼ xX cosðxt � aÞ ð11Þ

Thus, the energy dissipation induced by the equivalent viscous damping in a
vibration cycle could be expressed as

Edis ¼
Z T

0

~C _xdx ¼
Z 2p

x

0

~CX2x2cos2 xt � að Þdt ¼ p~CX2x ð12Þ

When the actual damping force is R, the energy dissipation for a vibration cycle is

ER ¼
Z T

0
Rdx ¼

Z T

0
R _xdt ð13Þ

According to the assumption that the energy dissipation of equivalent viscous
damping is equal to the energy consumed to overcome the actual damping, we have

~C ¼ ER

pX2x
ð14Þ

Based on Eq. (14), the damping coefficient of rocks could be expressed by the
loading frequency of the forced vibration, the dissipation energy and the corresponding
amplitude.

As shown in the stress-strain curve of rocks under cyclic loading, the unloading
curve does not follow the loading curve (Fig. 1). The area under the loading curve
represents the work of the external load on the rock specimen, and the area under the
unloading curve represents the elastic energy released from the rocks. The loading and
unloading curves form a hysteresis loop. The area enclosed by this hysteresis loop
represents the dissipated energy from the rocks and their damping characteristics. In
terms of Eq. (14), the energy ER consumed by the damping force in a vibration cycle
could be described using the area AR of the corresponding hysteresis loop. The
damping ratio k, the damping coefficient C, the dynamic elastic modulus Ed and
Poisson’s ratio could be determined by the equations (The Professional Standards
Compilation Group of People’s Republic of China SL237– 1999)
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k ¼ AR

4pAS
ð15Þ

C ¼ AR

pX2x
ð16Þ

Ed ¼ rdmax=e1dmax ð17Þ

ld ¼ De2d=De1d ð18Þ

where AR is the area of hysteresis loop ABCDA, AS is the area of triangle AOE, X is the
corresponding axial vibration amplitude to the hysteresis loop, rdmax is the maximum
dynamic stress of the hysteresis loop, e1dmax is the maximum axial dynamic strain of the
axial hysteresis loop, and De1d and De2d are the strain increments corresponding to the
loading point of the axial hysteresis loop and the unloading point of the lateral hys-
teresis loop, respectively.

3 Experimental Test

3.1 Sample Preparation and Test Equipment

The rock sample was sandstone with a natural average density of 2.44 g/cm3, which
was cored from the foundation of an intended site for a nuclear power station at a depth
of 51 m from the ground. The main minerals include montmorillonite 12%, illite 10%,
quartz 45%, feldspar 24% and others about 9%. The rock cores were immediately
sealed to maintain their natural water content in the field. The rock cores were then
reprocessed into /50mm� 100mm cylinders by dry turning according to a standard
for engineering rock testing methods in the lab (The Professional Standards Compi-
lation Group of People’s Republic of China GB/T 50 266- 2013).

An MTS815 Flex Test GT rock mechanics testing system was used for the cyclic
loading test. Its maximum axial load is 4600 kN. The vibration frequency can exceed
5 Hz, and its waveform could be a sine, triangular, square, oblique or random wave.
The vibration phase difference could vary from 0 to 2p, and the vibration mode could
be controlled by an axial load, confining pressure, or permeability pressure. Combi-
nations of any of the above waveforms, frequencies, phases, and modes are also
possible.

3.2 Test Method

The test loading mode was controlled by the axial load and the schematic diagram of
the tests was as shown in Fig. 2(a). The loading waveform was a sine wave with a 3Hz
frequency. The loading level and its corresponding stress amplitude for each grade
dynamic stress were as shown in Fig. 2(b). rmax and rmin are the upper and lower

Ed
A

E
ε 1dmax εd－εd

C

B
O D

σdmax

σd

－σd

Fig. 1. Hysteresis loop of
dynamic strain and stress
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stresses to each grade, respectively, Dr is the amplitude of the dynamic stress
(Dr ¼ rmax � rmin), and R is the average uniaxial compressive strength of the testing
rock samples. The coefficient g ¼ rmax=R is defined as the ratio of the upper stress to
the uniaxial compressive strength. The dynamic stress was applied progressively grade
by grade. Taking the specification of soil test (The Professional Standards Compilation
Group of People’s Republic of China SL237– 1999) as a reference, the dynamic stress
was applied in 31 cycles during each grade loading, and both the axial and lateral
deformations of the samples were measured. The uniaxial compressive strength and the
average static elastic modulus of the testing rock were 38.5 MPa and 5.52 GPa,
respectively. Hysteresis loops of 4, 8, 12, 16, 20, 24 and 28 cycles for each grade were
chosen to analyze the relationships between the rock dynamic parameters, dynamic
stress cycle and amplitude.

4 Test Results and Analysis

4.1 Dynamic Elastic Modulus

Under cyclic loading, the dynamic elastic modulus could be denoted as a linear
function of the cycle number and a parabolic function of the amplitude stress (Fig. 3).
The average slope of the linear function between the dynamic elastic modulus and the
cycle number for three samples was 0.0024*0.0068, and it decreased with the
amplitude stress. The comparison showed that within the tested cycle numbers, the
dynamic elastic modulus of the sandstone was not affected by the cycle number. The
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dynamic elastic modulus of the rocks had a maximum value when subjected to cyclic
loading, which increased with the amplitude stress along a parabola with downward
opening (Fig. 3(b)). The amplitude stress increased from 7.23 MPa at the 1st grade to
25.33 MPa at the 4th, while the dynamic elastic modulus increased from 5.98 GPa to
8.58 GPa. The results indicate that the influence of the amplitude stress on the dynamic
elastic modulus of the fine sandstone was greater than that of the cycle number.

4.2 Dynamic Poisson’s Ratio

The larger the amplitude stress was, the larger the relative axial and lateral deforma-
tions of the rocks subjected to dynamic loading were (Fig. 4). Under cyclic loading, the
average slope of the linear function between the dynamic Poisson’s ratio and cycle
number for three samples was –0.0002*0.0002 (Fig. 4(a)). Within the tested cycle
numbers, the influence of the cycle number on the dynamic Poisson’s ratio could be
neglected. The dynamic Poisson’s ratio of fine sandstone increased linearly with the
amplitude stress (Fig. 4(b)). With the amplitude stress increasing from 7.23 MPa at the
1st grade to 25.33 MPa at the 4th, the dynamic Poisson’s ratio increased from 0.10 to
0.29. At a constant loading amplitude stress, the amplitude stress had a large influence
on the dynamic Poisson’s ratio, while it was not obviously affected by the increase in
the cycle number.

4.3 Damping Ratio

The average of damping ratio for three samples could be represented by a linear
function in which the slope is 0.0029*0.0287, and it increased with the cycle number
(Fig. 5(a)). The smaller the amplitude stress was, the larger the slope was, which meant
that there was a larger influence of the cycle number on the damping ratio. However,
when the amplitude stress exceeded a certain value, the influence of the cycle number
could be neglected within the tested cycle numbers range. The larger the dynamic stress
was, the less the ability of the rocks to absorb and dissipate the external vibration
energy was. Unlike the dynamic elastic modulus and Poisson’s ratio, the damping ratio
could be expressed by a power function of the amplitude stress (Fig. 5(b)) that
decreased with the increase in the loading amplitude stress. The damping ratio
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estimated by the statistical expression agreed well with the fitting curve by the power
function based on the measured data of the 16th cycle (Fig. 5(c)). Thus, the damping
ratio could be obtained based on the hysteresis loop of the intermediate cycle from the
examined dynamic stress-strain curves using a 31-cycle low cyclic loading test.

4.4 Damping Coefficient

The average of damping coefficient for three samples could be expressed by a power
function of the amplitude stress or a linear function of the cycle number (Fig. 6). The
average of damping coefficient increased linearly with the increase of the cycle number
(Fig. 6(a)). The smaller the amplitude stress was, the larger the slope was, which means
a larger influence of the cyclic number on the damping coefficient. However, when the
amplitude stress exceeded a certain value, the influence of the cycle number could be
neglected within the tested cycle number range. The damping coefficient decreased by
a power function with an increase in the loading amplitude stress (Fig. 6(b)), which
was also similar to the behavior of the damping ratio. The damping coefficient esti-
mated by the statistical expression was in good agreement with the fitting curve by the
power function based on the data of 16th cycle (Fig. 6(c)). Consequently, the damping
coefficient could also be obtained based on the hysteresis loop of the intermediate cycle
from the examined dynamic stress-strain curves using a 31-cycle low cyclic loading
test. Therefore, the damping coefficient and damping ratio measured using the approach
proposed in this paper could be used to describe the damping characteristics of rocks.
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5 Conclusions

(1) A solution was derived to evaluate the damping coefficient of rocks under cyclic
loading. Then, the deformation and damping characteristics of sandstone were
obtained under low cyclic loading. The results suggest that the damping param-
eters obtained from the dynamic hysteresis loop of the intermediate cycle during a
31-cycle cyclic loading test could provide the damping characteristics of rocks.

(2) The statistical characteristics of both the dynamic elastic modulus and Poisson’s
ratio increased with the cycle number. However, within the tested cycle number
range, the influence of the cycle number could be neglected. The dynamic elastic
modulus increased with the amplitude stress along a parabola with a downward
opening, while the dynamic Poisson’s ratio increased linearly with the amplitude
stress.

(3) The damping ratio and coefficient increased with the cycle number linearly, and
their increments at low amplitude stresses were larger than those at high stresses,
while they decreased in accordance with a power function with the increase of the
amplitude stress. The damping ratio and coefficient estimated by the statistical
expression were in good agreement with the fitting curve by the power function
based on the intermediate cycle data.
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Abstract. A set of triaxial rheological experiments were performed to obtain
elastovisco-plastic properties of saturated Maokou limestone specimens by
multi-level load and unload cycles method to explore time-dependent geological
disaster in mining engineering. Take saturated Maokou limestone of Meitanba
Coal Mining Area in China for example; the elastovisco-plastic deformation
properties of this kind of rock were studied. The experimental result are given as
follows: (1) instantaneous elastic response is nearly linear, Instantaneous plastic
modulus increases with increasing stress; (2) The relation between visco-elastic
strain and deviatoric stress is nonlinear, and nonlinear relationship between
visco-plastic strain and deviatoric stress is also shown. With the increase of the
deviatoric stress level, visco-plastic strain grows rapidly; (3) the steady creep
rate increases at an exponential function with deviatoric stress increase. The
visco-plastic strain properties of radial creep are similar to that of axial
creep. But radial creep strain only is 25%–30% of axial creep strain, radial creep
rate is about 35% of axial creep rate. The acquisition of elastovisco-plastic
parameters of saturated Maokou limestones provides useful information for
study on the time-dependent stability of Maokou limestone tunnel of Meitanba
Coal Mining Area in China.

Keywords: Elastovisco-plastic � Rheological experiments
Multi-level load and unload cycles � Time-dependent geological disaster

1 Introduction

Rheological properties of geotechnical engineering are essential for the evaluation of
potential geological disaster [1, 2]. The rheological properties of soft rock masses
where joints, faults and fractured zones are often encountered have larger influence
than those of hard rocks [3]. Experiment is a basic measure to investigate the
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rheological mechanical properties of rock. Many experimental achievements of rheo-
logical behavior of rocks have been achieved at present. Three types of tests are
common in experimental studies on the rheological behavior of rocks, i.e., creep,
relaxation, as well as loading tests at different stresses or strain rates [4, 5]. Tsai et al.
[6] Presented systematic experimental study on a typical weak sandstone, researched
elastovisco-plastic behaviors of the weak sandstone. Fabre et al. [7] Showed the time
dependent behavior of three rocks characterized by high proportion of clay particles,
and the viscosity of these sedimentary rocks was studied under different loadings.
Rheological experiments can be performed either by a multi-level loading and
unloading cyclic mode on a single specimen, or by a single level loading and unloading
cyclic mode on several specimens. It is a tendency to adopt a multi-level loading and
unloading cyclic mode on a single specimen, because a single level loading and an
unloading cyclic mode on several specimens usually requires more rock specimens and
the in homogeneity of the rock may cause scatter of the experimental data. Laboratory
rheological experiments under multi-level loading and unloading cyclic mode can
obtain rheological properties of rock specimens at different stress levels, and can help
to set up appropriate rheological model and supply related rheological parameters. At
present, uniaxial rheological experiments on rock under multi-level load and unload
cycles have been performed by some researchers; the elastovisco-plastic properties of
some rocks were discovered under uniaxial test [8–10], but the studies on triaxial
elastovisco-plastic properties of rock are very lacking. For many rocks engineering, the
surrounding rocks are in the three-dimensional stress state. The surrounding rock stress
usually alternates between increase and decrease with mining progress. Mechanical
behaviors of the surrounding rocks stress can be considered as loading and unloading
alternatively due to excavation activity perturb. Rheologies properties of rocks under
multi-level load and unload cycles are useful to study time-dependent deformation of
geotechnical and mining engineering [11–13]. In this paper, Maokou limestone from
the roadway in Meitanba Coal Mining Area in China was chosen as study objects. By
means of rheological experiments under multi-level load and unload cycles, the non-
linear elastovisco-plastic deformation properties of saturated Maokou limestones in
triaxial stress state were studied. The acquisition of triaxial elastovisco-plastic
parameters of saturated Maokou limestones provides useful information for study on
the time-dependent stability of Maokou limestone tunnel of Meitanba Coal Mining
Area in China.

Fig. 1. Specimens before experimenting
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2 Triaxial Rheological Experiments Under Multi-level
Load and Unload Cycles

Rock specimens taken from the roadway in Meitanba Coal Mining Area in China were
Maokou limestone, which in roadway are moist and intercalated with large amount of
sediment and fractures are developed. Maokou limestones were cut into 50 mm �
100 mm cylinder standard specimens. The specimens were cut and prepared in the
laboratory, in accordance with the experiment specification recommended by Inter-
national Society for Rock Mechanics (ISRM) and Chinese Rock Experiment Standards
(SL 264–2001 and GB/T50266–99). The specimens were placed in water for 30 d to be
saturating with water. The photos of specimens before experimenting are shown in
Fig. 1. Both conventional triaxial compression experiments and triaxial compression
rheological experiments of specimens were carried out using MTS 815 rock test
machine in Hunan University of Science and Technology in China as shown in Fig. 2.

Through the study of mechanical experiments, the triaxial compression strength
indices and shear strength parameters with confining pressures of 0, 4.0, 8.0, 12.0 MPa,
were put forward, which indicate that Maokou limestone presents a confining pressure
sensitive behavior. The triaxial compression strength and elastic modulus increase with
confining pressure increasing. Strength, elastic modulus, poisson ratio, friction and
cohesion of specimens under different confining pressures are listed in Table 1.

Fig. 2. MTS 815 rock test machine and deformation sensor measurement system

Table 1. Triaxial compression strength and shear strength parameter sunder different confining
pressures

Confining pressures/MPa Strength/MPa Elastic modulus
/GPa

Friction coefficient Cohesion
/MPa

0 24.1 17.79 46.26 5.14
4.0 54.7 19.07
8.0 71.4 21.65
12.0 101.3 28.34
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Assuming that long-term strength of rock is 70%–80% of triaxial compression
strength, in the rheological experiments, to take confining pressures of 4.0 MPa for
example, long-term strength of Maokou limestone specimens is assumed to 43.9 MPa
[14]. During multi-level load and unload cycles, planning-putting maximal deviatoric
stress is 39.9 MPa with confining pressures of 4.0 MPa, which is divided into 6 steps
from lower load to higher load in order to study elastovisco-plastic deformation prop-
erties of Maokou limestone in triaxial stress state. During the unloading, the confining
pressure remains unchanged, however, the axial stress is unloaded to appropriate value
according to planning-putting step deviatoric stresses. Figure 3 shows the experimental
loading and unloading process.

Triaxial rheological experiments under multi-level load and unload cycles may
observe delayed elastic recovery. And irreversible deformation can be measured. The
experimental method can provide a complete set of experimental data to study
elastovisco-plastic deformation properties of rock. Figure 4 represents axial rheological
curves of specimen M-09 with confining pressures of 4.0 MPa under multi-level load
and unloads cycles.
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3 Rheological Data Processing

The separation process of instantaneous elastic strain, instantaneous plastic strain,
visco-elastic strain and visco-plastic strain from the total deformation is shown in
Fig. 5 [15].

Total strain eðiÞ is made up of instantaneous elastic strain eðiÞme, instantaneous plastic
strain eðiÞmp, visco-elastic strain eðiÞve and visco-plastic strain eðiÞvp . The total strain of rock
can be expressed as follow:

eðiÞ ¼ eðiÞm þ eðiÞv ¼ eðiÞme þ eðiÞmp þ eðiÞve þ eðiÞvp ð1Þ

Instantaneous strain eðiÞm at the ith step deviatoric stress level is composed of two

parts: instantaneous elastic strain eðiÞme and instantaneous plastic strain cumulation eðiÞmp.
Instantaneous strain eðiÞm is obtained from Eq. (2) considering the history of loading.

eðiÞm ¼ eðiÞme þ eðiÞmp ð2Þ

Creep strain eðiÞv at the ith step deviatoric stress level is composed of two parts:

visco-elastic strain eðiÞve and visco-plastic strain eðiÞvp . Creep strain eðiÞv is obtained from
Eq. (3) considering the history of loading.

eðiÞv ¼ eðiÞve þ eðiÞvp ð3Þ

Visco-elastic strain eðiÞve at the ith deviatoric stress level is equal to the delayed elastic
recovery strain at the unloading moment on the assumption that visco-elastic strain
curve has the same route with the unloaded delayed elastic recovery curve which can
be obtained by unloading experiment. Visco-plastic strain evpðtÞ is irreversible viscous
strain, which is expressed as follows.

Fig. 5. Diagrammatic sketch of the total deformation separation process
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evpðtÞ ¼ evðtÞ � eveðtÞ ð4Þ

Where evðtÞ, eveðtÞ and evpðtÞ represent creep strain, visco-elastic strain and
visco-plastic strain at different time, respectively.

Visco-plastic strain evpðtÞ characterizes primary creep and steady creep. But
visco-elastic strain eveðtÞ only characterizes primary creep. evðtÞ, eveðtÞ and evpðtÞ at the
5th step deviatoric stress level are shown in Fig. 6.

Because the accelerated creep results in the delayed failure of the specimen,
visco-elastic strain and visco-plastic strain at the 6th step deviatoric stress level cannot
be separated when the accelerated creep develops. In this paper, we consider that after
failure of the specimen, its deformation is irreversible, so it may be taken for granted
that for the specimen failure, creep deformation is attributed to visco-plastic defor-
mation. Experimental data of specimen M-09 under multi-level load and unload cycles
are list in Table 2.

Fig. 6. Separation of creep strain at the 5th step deviatoric stress level

Table 2. Experimental data of axial elastovisco-plastic strains under multi-level load and unload
cycles

Steps r1 � r3 ðMPaÞ em ð�10�3Þ ev ð�10�3Þ eme ð�10�3Þ emp ð�10�3Þ eve ð�10�3Þ evp ð�10�3Þ
1 13.305 5.221 0.953 3.796 1.425 0.784 0.169
2 22.175 6.929 2.336 4.695 2.234 1.825 0.511

3 26.610 7.684 3.126 5.120 2.564 2.311 0.815
4 28.828 7.990 3.675 5.311 2.679 2.574 1.101

5 31.045 8.274 4.847 5.485 2.789 3.135 1.712
6 39.916 11.00 8.125 – – – 5.482
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4 Elastovisco-Plastic Strain Properties Analysis

4.1 Instantaneous Elastic and Instantaneous Plastic Strains

Instantaneous strain consists of instantaneous elastic strain and instantaneous plastic
strain considering the loading history. Instantaneous elastic strain and instantaneous
plastic strain increase with the increase of deviatoric stress level. Figure 7 shows
instantaneous strain characteristic curves of specimen at different deviatoric stress
levels. The relation between deviatoric stress and instantaneous strain approximately
abides by linearity relations.

The ratio of deviatoric stress and instantaneous elastic strain is defined as intran-

sient elastic modulus EðiÞ
me

Eme ¼ Dr
Deme

ð5Þ

The relation between deviatoric stress and instantaneous elastic strain approxi-
mately abides by linearity relations. From Eq. (5) It can be obtained that the instan-
taneous plastic modulus Eme ¼ 10:39GPa.

The ratio of deviatoric stress increment DrðiÞ and instantaneous plastic strain

increment DeðiÞmp is defined as instantaneous plastic modulus EðiÞ
mp

EðiÞ
mp ¼

DrðiÞ

DeðiÞmp
ð6Þ

Fig. 7. Curves of step deviatoric stress- axial instantaneous strain relation
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From Eq. (6) it can be obtained that the instantaneous plastic modulus increases
with the increase of deviatoric stress level. Instantaneous plastic modulus of the 1st

deviatoric stress level Eð1Þ
mp ¼ 10:96GPa. While instantaneous plastic modulus of the

4th deviatoric stress level Eð4Þ
mp ¼ 20:16GPa. This suggests the ability to resist

instantaneous plastic deformation enhances with the increase of deviatoric stress level.
The fact that instantaneous plastic modulus at the 1st deviatoric stress level is small
than that at the 4th deviatoric stress level is attributed to the rock crack closure effect,
because of rock specimen with large amount of sediment and fractures are developed.

4.2 Visco-Elastic and Visco-Plastic Strains

Creep strain ev is composed of visco-elastic strain eve and visco-plastic strain evp. There
is a nonlinear relationship between visco-elastic strain, visco-plastic strain and devia-
toric stress, as shown in Fig. 8, under multi-level load and unload cycles. Creep stain
increment tends to increase under unit deviatoric stress increment, which suggests
creep deformation is more and more obvious with deviatoric stress increasing. Figure 8

shows that the ratio of visco-plastic strain eðiÞvp to creep strain eðiÞv at various stress levels
varies from 0.18 to 0.67, and has increasing tendency with deviatoric stress increasing.
This means that the possessive proportion of visco-plastic strain in creep strain will
increase with deviatoric stress increasing.

At the 6th step deviatoric stress level, specimen M-09 entered accelerated creep
phase after the duration of 55.4 h. Accelerated creep last nearly 2.1 h, which is a
relatively short period, a momentary specimen failure appeared when the axial strain
reached 19.1274 � 10−3. Accelerated creep characterized irreversible visco-plastic
deformation.

Fig. 8. Curves of step deviatoric stresses- axial creep strain relation
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4.3 Steady Creep Strain Rate

Rock rheological experiment curves show three stages of creep: primary creep, steady
creep and accelerated creep. In steady creep stage, creep rate remains nearly unchan-
ged, keeping fluctuates limitedly. Figure 9 shows the variation of steady creep rate with
respect to deviatoric stress for specimen M-09 with confining pressures of 4.0 MPa.
The larger deviatoric stress, the greater the steady creep rate is. The relation between
the steady creep rate and deviatoric stress is nonlinear. Because of the nonlinear
relation between the steady creep rate and deviatoric stress, it is necessary to introduce
the non-stationary viscous coefficient in creep model of rock. From Fig. 9 it can be
represented that the steady creep rate increases at an exponential function with devi-
atoric stress increasing, with a correlation equation as follow.

_e ¼ 1:72� 10�7e0:165ðr1�r3�13:31Þ ð7Þ

For radial creep, fluctuation effect of radial creep strain curves due to rock load
fragmentation is less obvious than that of axial creep strain curve. The
elastovisco-plastic strain properties of radial creep are similar to that of axial creep. But
radial creep strain only is 25%–30% of axial creep strain. Radial creep rate is about
35% of axial creep rate. The elastovisco-plastic strain properties of radial creep will not

be is introduced particularly here.

5 Conclusion

(1) A new experimental data processing method of separation of elastovisco-plastic
strains under multi-level load and unload cycles is suggested.

(2) Instantaneous elastic response is nearly linear, Instantaneous plastic modulus is
increases with increasing stress; The relation between visco-elastic strain and
deviatoric stress is nonlinear, and non-linear relationship between visco-plastic

Fig. 9. Axial steady creep rate under different deviatoric stress levels
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strain and deviatoric stress is also shown; With the increase of the deviatoric stress
level, visco-plastic strain grows rapidly; the steady creep rate increases at an
exponential function with deviatoric stress increase.

(3) The elastovisco-plastic strain properties of radial creep are similar to that of axial
creep. But radial creep strain only is 25%–30% of axial creep strain, radial creep
rate is about 35% of axial creep rate.
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Abstract. The physical and mechanical properties of tailing materials are
important for the design and construction of tailings dams. In the present study,
laboratory experiments were performed to investigate the geotechnical proper-
ties of two different iron tailing materials (coarse and fine). Compared to the
coarse tailings, the fine tailings showed greater coefficients of compressibility
and smaller permeability, shear strength. With the decrease in void ratio, the
oedometric modulus increased and the permeability decreased. The relationships
between void ratio and coefficient of compressibility, as well as hydraulic
conductivity, can be fitted with logarithmic functions. Moreover, we found the
coefficient of consolidation Cv gradually increased for both the coarse and fine
tailings during the compression process. The shear strength of the two tailing
materials were measured though direct shear tests and triaxial tests. The results
of friction angle and cohesion obtained from the two test methods were in
accordance with each other. This study provided useful information to under-
stand the geotechnical behaviors of mine tailings and fundamental data for the
scientific design and safety evaluation of tailings dams.

Keywords: Iron tailing materials � Physical and mechanical properties
Consolidation characteristics � Triaxial tests

1 Introduction

The utilization and exploitation of mineral resources produce large amount of mine
tailings which are commonly stored in a slurry form and pumped into a sedimentation
pond. With the development of mining technology and the increase in the demand for
minerals and metals, the volume of tailings being generated increased dramatically over
the last few decades. The tailings generally cause lots of environmental and ecological
issues, because they always contain plenty of toxic substances, heavy metals, and
chemicals added during mineral processing. In addition, due to the high water content
and small grain size, the mechanical stability of the tailings mass is poor. Therefore, the
disposal and storage of tailings has become increasingly important in mining industry.

In order to maintain the normal mining operations, several tailing disposal methods
are propose, including disposal of dry or thickened tailings in free-standing piles or
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impoundments, backfilling underground mine workings, subaqueous disposal. The
most common method is the disposal of tailings slurry in impoundments that involves
the transport of tailing mass in slurry pipes to an impoundment and thereafter con-
solidation under their own weight and compaction to form a tailing dam. For
addressing the high global demand for metals and minerals, the size and number of
tailing dams increased rapidly with the increase in mining activity. There are over
18,400 tailing dams worldwide [1]. Meanwhile the height and storage capacity of
tailing dams have increased continuously during the past decades, which inevitably
leads to the increase in the risk of tailing dam failure [1–4]. The database of Interna-
tional Commission of Large Dams and United Nations Environment Programme
showed that several hundreds of tailings dam have failed since 1910. There were a total
of 198 tailing dam failure events before the year 2000 and 20 failure events from 2000
to 2010 [1]. Eleven other failure events were reported from 2010 to 2015 [5].

The characteristics of the tailings used for the construction of tailing dams are very
important for the design and operation of tailing dams, which will greatly enhance the
safety of tailing dams. Many investigations have been conducted to study the
mechanical properties of mine tailings. The physical-mechanical properties of tailing
soils from Yang-la Copper Mine were investigated for providing detailed information
for engineering design [6]. The strength characteristics of tailing sand were studied by
conducting consolidation drained triaxial experiments and compression tests [7].
Physicochemical properties [8], permeability characteristics [9] and mechanical prop-
erties [10] of iron tailings were studied by laboratory investigations. A comprehensive
understanding of physical and mechanical properties of mine tailings is critical for the
design of tailing dams.

In this paper, a series of laboratory experiments were conducted to investigate the
physical and mechanical properties of iron tailings obtained from Daxigou iron mine in
Shanxi province, China. The characteristics of the tailing materials, including grain size
distribution, hydraulic permeability, compression and strength, were measured. The
laboratory tests provided essential information for the numerical analysis and scientific
design of the tailing dam.

2 Materials and Methods

2.1 Tailings

The test tailing materials were from Daxigou iron mine in China. As the produced
tailings were transported into a sedimentation pond, two kinds of tailings were gen-
erated, i.e., coarse tailings and fine tailings. A series of laboratory experiments were
performed on these two different iron tailing materials (coarse and fine).

2.2 Test Methods

Several conventional laboratory tests were conducted to investigate the mechanical
properties of the tailings, including specific gravity, grain size distribution, Atterberg
limits, and hydraulic conductivity. Consolidation tests, triaxial tests, and cyclic triaxial
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tests were carried out to investigate the compression characteristics and strength of the
tailings. The pycnometer method was chosen to measure the specific gravity. The
sieving method, hydrometer method and laser particle size analysis were combined for
measuring grain size distribution. The Atterberg limits were measured with the fall
cone test. The permeability of the two tailings was studied with a flexible wall per-
meameter under different consolidation stresses (50, 100, 200, 400, and 600 kPa). The
consolidation test was performed in a one-dimensional oedometer with the diameter of
8 cm according to American Society for Testing and Materials (ASTM) standard
D2435M-11 [11]. Direct shear tests were conducted on tailings samples to measure the
shear strength of the tailing materials. Normal stresses of 100, 200, 300 and 400 kPa
were applied to the samples prior to shearing [12]. The unsaturated triaxial testing
system (VJTech, Reading, Berkshire, U.K.) was used to conduct the consolidated
undrained (CU) triaxial compression tests on the tailings according to ASTM standard
D4767-11 [13].

3 Mechanical Properties of the Tailings

3.1 Characterization of the Tailings

The basic geotechnical properties of the two tailings are summarized in Table 1 and
Fig. 1 displays the grain size distributions. The specific gravity of five samples for each
tailing were measured and the average specific gravity of coarse and fine iron tailings are
3.127 and 3.183 respectively, which are much greater than those of natural soils. We
measured the grain size distribution of coarse tailing particles whose diameters were
more than 0.075 mm by the sieving method, and for the measurement of fine tailing
materials and coarse tailing particles whose diameters were less than 0.075 mm, both the
hydrometer method and laser particle size analysis were used for mutually verifying and
validating the results from the two methods. The results of the hydrometer method and

Table 1. Geotechnical properties of coarse and fine iron tailings

Properties Coarse tailings Fine tailings

Specific gravity, Gs 3.127 3.183
Maximum dry density, qdmax (g/cm

3) 2.32 2.19
Minimum dry density, qdmin (g/cm

3) 1.40 1.26
Optimum water content, wop (%) —— 15.66
Liquid limit, wL (%) 20.99 25.06
Plastic limit, wp (%) 10.63 13.17
Plasticity index, Ip (%) 10.36 11.89
D10 (mm) 0.013 0.012
D30 (mm) 0.040 0.020
D50 (mm) 0.088 0.038
D60 (mm) 0.107 0.049
Coefficient of uniformity, Cu 8.23 4.08
Coefficient of curvature, Cc 1.15 0.68
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the laser particle size analysis were in good accordance with each other. Figure 1
indicates that the mass percentage of grain size less than 0.075 mm is 45.7% for the
coarse iron tailings, 77.4% for the fine iron tailings. According to the coefficient of
uniformity and coefficient of curvature results, the coarse iron tailings are well-graded
soils, whereas the fine iron tailings present a poorly-graded grain size distribution. Based
on the testing results of Atterberg limits and grain size distribution, the coarse iron
tailings are classified as silty sand (SM), and the fine iron tailings are classified as lean
clay (CL) according to the Standard for Engineering Classification of Soil [14].

3.2 Consolidation Test

One-dimensional consolidation tests were conducted on coarse and fine tailings sam-
ples under saturated conditions in order to determine compressibility characteristics.
Three samples were measured for each tailing material and the results of different
samples of each tailing agreed with each other well. With the increase in vertical stress,
the void ratio (e) decreases. A logarithmic function can be used to fit the compression
curves of the coarse and fine tailings [15].

e ¼ e0 � Cc � log p=p0ð Þ ð1Þ

in which p0 = 1 kPa; e0 = initial void ratio corresponding to p0; and Cc = compression
index. The compression index (Cc) is 0.111 and 0.127 for the coarse and fine iron
tailings. According to the values of Cc, both the coarse and fine iron tailings are
characterized as a moderate compressible soil. And the fine tailings present a higher
compressibility than the coarse tailings.

According to the results of the consolidation tests, the relationships between void
ratio (e) and oedometric modulus (Es) were fitted with a logarithmic function as shown
in Fig. 2. Compared to the fine tailings, the coarse tailings present a greater Es. With
the increase in the vertical stress, the oedometric modulus increases, and for fine iron
tailings, the increase of oedometric modulus is greater than the coarse iron tailings’.
This indicates that the mechanical properties will be improved as the tailing materials
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have consolidated. According to the fitting results in Fig. 2, the relationship between Es

and e can be described with the following equation:

e ¼ e0 � N � log Es=Es 0ð Þ ð2Þ

in which Es0 (MPa−1) = oedometric modulus corresponding to p0 and initial void ratio
e0; N = the factor describing the change rate of Es with the change in void ratio. The
fitting results of the two fine tailings can be expressed as

Coarse iron tailings: e ¼ 0:88� 0:145� log Es=0:612 MPað Þ
Fine iron tailings: e ¼ 1:11� 0:152� log Es= 0:0833 MPað Þ ð3Þ

3.3 Hydraulic Conductivity

Figure 3 further shows the relationship between void ratio and hydraulic conductivity
of the two tailings. The hydraulic conductivities of the two tailings increase with the
increase in void ratio, and the coarse iron tailings present a higher hydraulic conduc-
tivity than the fine iron tailings. The change in hydraulic conductivity with void ratio
can be further fitted with a logarithmic function as

e ¼ e0 þM � log k=k0ð Þ ð4Þ

where k0 = initial hydraulic conductivity under initial void ratio (cm/s). The fitting
results of the two fine tailings can be expressed as

Coarse iron tailings: e ¼ 0:88 þ 0:61 � log k=5:39 cm=sð Þ
Fine iron tailings: e ¼ 1:11 þ 0:49 � log k=8:28 cm=sð Þ ð5Þ

y = -0.063ln(x) + 0.9535
R² = 0.9823

y = -0.066ln(x) + 0.8476
R² = 0.9908
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The coefficient of consolidation can be derived from Eqs. (2) and (4) as

Cv ¼ k � ES

cw
¼ Cv0 � 10ð1=N�1=MÞðe0�eÞ ð6Þ

In which cw = unit weight of water; and Cv0 = initial coefficient of consolidation,
which can be expressed as k0 � Es0/cw. The fitting results of Eqs. (2) and (4) are
summarized in Table 2. For both the coarse and fine iron tailings, the value of M is
greater than that of N, which means Cv increases during the test. This is consistent with
the results calculated from the consolidation tests. The classical consolidation theory
proposed in 1943 assumed a constant coefficient of consolidation [16]. In order to
consider more realistic assumptions about soil behavior including the nonlinear vari-
ation of compressibility and hydraulic conductivity as described in Eqs. (2) and (4), a
solution for a one-dimensional consolidation problem was derived [17]. Based on the
above analysis of Es and k for the two tailings, this derived theory is recommended.

3.4 Shear Strength

The shear strength is a very important index for evaluating the stability of tailing dams.
The friction angle and cohesion were calculated from the results of the CU and direct
shear tests as listed in Table 3, the strength indices of the coarse iron tailings are greater

y = 0.2639ln(x) + 0.4352
R² = 0.9866

y = 0.2141ln(x) + 0.6576
R² = 0.9777
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Fig. 3. Relationship between void ratio and hydraulic conductivity of the two tailings

Table 2. Fitting results of Eqs. (2) and (4)

Tailing type e0 Es0 (MPa) k0 (cm/s) M N

Coarse tailings 0.88 0.612 5.39 0.61 0.145
Fine tailings 1.11 0.0833 8.28 0.49 0.152
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than those of the fine iron tailings. And the results of coarse tailings obtained from the
two test methods were in good accordance with each other, whereas the effective
cohesion from CU tests is smaller than that from the direct shear tests.

4 Conclusions

A series of laboratory experiments were conducted to examine the physical and
mechanical characteristics of coarse and fine iron tailings from the Daxigou iron mine
in China. The basic geotechnical properties including specific gravity, grain size dis-
tribution, plasticity, permeability, and compressibility were investigated, and triaxial
compression and direct shear tests were performed to analyze the strength of the two
tailings. The following conclusions were obtained:

1. The coarse iron tailings were classified as silty sand (SM), and the fine iron tailings
were classified as lean clay (CL). The fine tailings showed greater coefficients of
compressibility and smaller permeability, strength, and cyclic resistance compared
to the coarse tailings, respectively.

2. With the decrease in void ratio, the oedometric modulus increased and the per-
meability decreased. The relationships between void ratio and coefficient of com-
pressibility, as well as hydraulic conductivity can be fitted with logarithmic
functions.

3. During the compression process, the coefficient of consolidation Cv gradually
increased for both the coarse and fine tailings. Therefore, the acceleration of the
consolidation process caused by the increase in Cv should be considered.

4. The results of CU and direct shear tests showed that the strength indices of the
coarse iron tailings are greater than those of the fine iron tailings, and the results of
coarse tailings obtained from the two test methods were in good accordance with
each other, whereas the effective cohesion from CU tests is smaller than that from
the direct shear tests.
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Abstract. The secondary consolidation rate of compacted clay and rockfills has
been proven to be relatively close, however, only the rheological property of the
rockfill is considered in commonly used finite element analysis of core-wall
dams. Therefore, the rheological property of the compacted clay and its influ-
ence on the stress and deformation of the Core-wall dam is discussed in this
paper. The coefficient of secondary consolidation of unsaturated clay is signif-
icantly larger than that of saturated clay, and when the clay is saturated, the
coefficient of secondary consolidation increases with the increasing loading.
Both the unidirectional compression and triaxial compression rheological tests
can be used to determine the rheological parameters and the results are relatively
close. The finite element analysis indicates that the rheological deformation of
clay core-wall has a considerable influence on the stress and deformation of the
dam, e.g., causing higher stress levels and larger settlement especially around
the core-wall. Hence, the rheological property of clay core-wall cannot be
ignored in finite element analysis.

Keywords: Core-wall dam � Compacted clay � Unidirectional compression test
Triaxial compression test � Secondary consolidation coefficient

1 Introduction

The earth and rockfill dam is widely distributed around the world for its
locally-produced raw materials, simple structure, quick construction and the advantages
of lower requirement to terrain conditions [1–3]. The safety of the dam is significantly
affected by the resist hydro fracture ability and arching effect of core-wall [4], which
relates closely to the mechanical properties of the used soils. As the main materials of
the earth and rockfill dam, researchers have put too much attention on the stress and
deformation properties of compacted clay and rockfills [5–8]. For the rheological
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property of rock and soil, some researchers did many meaningful works [9–12].
However, the rheological property of the clay core-wall and its influence on the safety
of the dam was ignored. As a result, only the rheological property of rockfills was
considered in current commonly used finite element analysis.

It has been pointed out that the secondary consolidation rate of compacted clay and
rockfills are relatively close [2]. In order to investigate the secondary consolidation
coefficient and its influence on the stress and deformation of the dam, a series of
unidirectional compression and triaxial compression rheological tests are carried out.
Then the rheological parameters are obtained from the Shen Zhujiang Model. An earth
and rockfill dam is taken as the example for the finite element analysis, and the
influence of rheological property of the clay core-wall on the dam is discussed.

2 Property of Materials and Test Program

2.1 Property of Materials

The clay material is from the core-wall of Xiaolangdi earth and rockfill dam, and the
main mineral is illite. In addition, the non-clay minerals are feldspar, quartz and a small
content of oxide. The basic parameters of the core are shown in Table 1.

where Gs is the specific gravity, LL is the liquid limit, LP is the plastic limit, qdmax is the
maximum dry density, wopt is the optimum water content.

2.2 Test Program

Unidirectional compression and triaxial compression rheological tests are carried out in
this paper. The diameter and height of the sample in unidirectional and triaxial com-
pression tests are 6.2 cm, 2 cm and 3.9 cm, 8 cm, respectively. The axial loading steps
of unidirectional compression are 50, 100, 200, 400, 800, 1600 and 3200 kPa, and each
stress step will take turns to be loaded and continued for 7 days or more. It is noted that
the original specimen is unsaturated. Among them, 50, 400 and 800 kPa, are designed
to be the boundary of unsaturation and saturation clay (called pc), as shown in Table 2.
For example, if pc is 400 kPa, which means the clay sample will be saturated by adding
water. Consequently, when the loading stress is less than 400 kPa, the sample is
unsaturated, otherwise, the sample is saturated.

Table 1. Basic parameters of the core material

Gs wL (%) wP (%) qdmax (g/cm
3) wopt (%) Contents (%)

Sand Silt Clay

2.72 35 20 1.72 13.1 29 22 49
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Two loading stress levels were designed in triaxial compression tests, which are
S = 0.7 and 0.9 with the same confining pressure of 400 kPa, as shown in Table 2. The
stress level, S, is defined as:

S ¼ ðr1 � r3Þ
ðr1 � r3Þf

ð1Þ

where (r1–r3)f is the deviatoric stress on failure, and can be calculated by:

ðr1 � r3Þf ¼
2c � cos uþ 2 sin u � r3

1� sin u
ð2Þ

where c is the cohesion, and u is the internal frictional angle.

3 Testing Results

3.1 Unidirectional Compression Tests

The solidification process of the unidirectional compression can be divide into two
parts, which are the main consolidation and secondary consolidation, and the classical
e-lgt curve is illustrated in Fig. 1.

main consolida on 

secondary consolida on
Loading time t

V
oid ratio

e

Fig. 1. Classical compression curve of the soil.

Table 2. Schemes of rheological tests

Unidirectional
compression

Triaxial compression

No. pc (kPa) No. r3 (kPa) S

1 50 4 400 0.7
2 400 5 400 0.9
3 800
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The curve of secondary consolidation in Fig. 1 is thought to be a line in
e*lgt coordinates, and the coefficient of secondary consolidation, Ca, is the slope of
the line.

Taking sample No. 1 and No. 2 as the examples, and the testing curves are shown
in Fig. 2. It can be seen from Fig. 2 that: (1) when the sample is saturated, the
e*lgt curve is similar with the classical curve as shown in Fig. 1, which means that the
consolidation deformation tends to be stable. (2) when the sample is unsaturated, the
consolidation deformation shows no sign of stabilization, indicating that the samples
need a longer time to reach the consolidation stability when the clay is unsaturated.

In order to get the coefficients of secondary consolidation under variable axial
stresses, the secondary part of the curves are fitted by a line, with the fitting parameters
shown in Table 3.

It can be seen from Table 3 that the coefficient of secondary consolidation of
unsaturated clay is significantly larger than that of saturated clay. On the other hand,
when the clay is saturated, the coefficient of secondary consolidation increase with
increasing loading.
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(a) Smple No.1 (pc=50kPa) (b) Smple No.2 (pc=400kPa) 

Fig. 2. Relation curves of e and lgt.

Table 3. Secondary compression coefficients of specimens.

Sample pc (kPa) Loading step (kPa)
100 200 400 800 1600 3200

No. 1 50 0.180 0.707 0.896 1.00 1.28 1.50
No. 2 400 4.11 4.32 — 0.623 1.16 1.40
No. 3 800 4.14 4.84 2.74 — 0.807 1.36
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3.2 Triaxial Compression Tests

The testing data of triaxial compression tests were plotted in Fig. 3, the strians, e.g.,
volumetric strain (ev) and generalized shear strain (es), increase with the increasing time
at a decrease rate, and tend to be stable. Furthermore, when the stress level is high, the
tendency is more significant. In other words, although the stress level is high, the time
spending on the stable secondary consolidation is relatively small.

4 Finite Element Analysis

4.1 Parameters of the Rheological Model

The three-parameter rheological model, proposed by Shen [13], has been widely used
in the finite element analysis of soil and rockfill dams. It has been proven to have a
better adaptability and parameter stability, and the rheological strain was suggested to
be expressed as:

eðtÞ ¼ ef ð1� e�htÞ ð3Þ

Where e(t) is the current accumulated rheological strain, ef is the final accumulated
rheological strain, h is a model parameter.

Since the final accumulated rheological strains are different for ev and es, they were
suggested to be expressed as:

evf ¼ b r3=pað Þ ð4Þ

esf ¼ d
S

1� S
ð5Þ

where b and d are another two model parameters. Thus, h, b and d are the so-called
three parameters.
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Fig. 3. Relation curves of rheological strains versus loading time.
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The confining pressure of unidirectional compression tests can be calculated by the
lateral pressure coefficient of the soil K0, and the confining pressure can be expressed as
r3 = K0r1. The basic parameters of this clay were derived by conventional triaxial test,
which are c = 31.9 kPa, u = 26.7° and K0 = 0.55. Then the confining pressures of
different axial loadings are shown in Tabel 4, as well as (r1–r3)f and S according to
Eqs. (2) and (1), respectively. As a result, the model parameters calculated by unidi-
rectional compression tests and triaxial tests are listed in Table 4.

It should be noted that, in the unidirectional compression rheological tests, the
parameter b decreases with the increasing loading stress and the parameters d and
h show an increase tendency with the increasing loading. Comparing with the two
methods, the three parameters b, d and h are in the same order of magnitude, and the
results are close, which shows that both methods can be used to determine the
parameters.

At present, in the design of high earth dam, only the rheological deformation of the
rockfills are considered. As discussed above, the coefficient of secondary consolidation
of the clay from the core-wall of earth dam is in the range of 0.00018–0.0015, while
that of the coarse-grained soil under confining pressure of 800 kPa is 0.001 [2]. It
indicates that the rheological coefficient of compaction clay and rockfills are close, thus
it is necessary to consider the rheological deformation of the core-wall in the calcu-
lation of stress and deformation of high earth and rockfills dam.

4.2 FEM Results

An earth and rockfill dam is taken as the example, and two schemes of the finite
element analysis are set as: (a) Scheme-1, rheological deformation of both rockfills and
clay core-wall are considered; (b) Scheme-2, only rheological deformation of rockfills
is considered. The mesh of the dam is illustrated as Fig. 4, and the rheological
parameters are listed in Table 5.

The displacement increment caused by the rheological deformation of clay
core-wall is defined as the difference values calculated by Scheme-1 and Scheme-2.
Additionally, the contour diagrams of the displacement increment are illustrated in
Figs. 5 and 6. As can be seen from the horizontal displacement increment contour

Table 4. Parameters b, d and h from the tests.

Unidirectional compression Triaxial

r1 (kPa) 400 800 1600 3200 S = 0.7
r3 (kPa) 220 441 881 1762 400
(r1–r3)f (kPa) 400 764 1467 2765 —

S 0.45 0.47 0.49 0.52 0.7
b 0.000825 0.0007 0.000438 0.000397 0.000318
d 0.0027 0.003 0.0048 0.0048 0.0044
h 0.00115 0.002003 0.002522 0.004636 0.00503
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diagram in Fig. 5 that the values are negative at downstream and positive at upstream,
with the maximum positive value of 9.46 cm. It indicates that the rheological defor-
mation of clay core-wall has a significantly effect on the horizontal deformation of the
dam.

Similarly, the vertical displacement increment contour diagram is shown in Fig. 6.
It is noted that the vertical displacement increments are all positive and the maximum
value is 17.29 cm. Furthermore, the displacement increment occurs all around the clay
core-wall.

Fig. 4. Three dimensional mesh of the dam.

Table 5. Rheological parameters of Shen Zhujiang model.

Material b h d

Rockfills (upstream) 0.0003 0.007 0.006
Filter 0.0003 0.007 0.006
Rockfills (downstream) 0.0005 0.007 0.006
Clay core-wall 0.0012 0.003 0.004

Fig. 5. Horizontal displacement increment contour diagram along river flow direction

Fig. 6. Vertical displacement increment contour diagram
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It is also observed that the maximum stress levels occur at the bottom of the clay
core-wall, and the stress levels calculated by Scheme-1 are larger than that of
Scheme-2, that is, when the rheological deformation of clay core-wall is considered, the
stress levels are larger than before. In other words, the current finite element analysis
method (Scheme-2) tends to be more safety than Scheme-1. As a conclusion, the
rheological deformation of clay core-wall has a considerable influence on the stress and
deformation on the dam, and thus cannot be ignored in actual dam design.

5 Conclusion

It is shown from the rheological tests that the coefficient of secondary consolidation of
unsaturated clay is significantly larger than that of saturated clay. When the clay is
saturated, the coefficient of secondary consolidation increases with increasing loading
stress. Both the unidirectional compression and triaxial compression rheological tests
can be used to determine the rheological parameters and the results are relatively close.
The finite element analysis indicates that the rheological deformation of clay core-wall
has a considerable influence on the stress and deformation on the dam, e.g., causing
higher stress levels and settlement especially around the core-wall. As a conclusion, the
rheological property of clay core-wall cannot be ignored in actual dam design.
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Abstract. The investigation on anisotropy of shale in mechanical and psychical
characteristics is of great significance to successful implementation of hydraulic
fracturing in gas shale exploitation. In this paper, the effect of shale anisotropy
on tensile strength was studied via Brazilian splitting tests (BD) at different
loading angles (the angle between loading axis and the stratification). The
specimens were prepared along different angles (0°, 30°, 45°, 60°, 90°) with
respect to the stratification of black shale (BS). The results indicate that the
tensile strength for samples with different loading angles exhibits obvious ani-
sotropy. It was noted that complex tensile fractures can be formed under larger
loading angels. Studying the tensile strength anisotropy of shale can provide
some theoretical guidance for optimization of fracturing scheme and fracture
evaluation.

Keywords: Black shale � Failure pattern � Tensile strength anisotropy
Brazilian test � Loading angle

1 Introduction

Shale often behaves as obvious anisotropy due to depositional environment and the
pre-existing micro-cracks induced by long-term geological processes. Characterizing
the effect of anisotropy of shale on the tensile strength is of great significance in
hydraulic fracturing engineering. Stratification is the most significant features in shale,
which induces anisotropic characteristics for shale [1–5]. As reported by previous
research [6–9], shale shows high degree of anisotropy with parallel or perpendicular to
the bedding, not only in velocity, elastic modulus, Poisson’s ratio, diffusivity and
porosity, but also in the strength and fracture mechanism. The mechanical anisotropy of
shale was induced by the organized distribution of platy clay minerals and compliant
organic materials [10–12]. These anisotropic characteristics have significant influence
on the hydraulic fracturing, borehole stability, perforation direction chosen and volume
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fracturing and so on. Therefore, it is highly necessary to investigate the mechanical
anisotropy of shale under the influence of stratification, such as, the tensile strength,
compressive strength and fracture toughness. Some studies showed that the stratifica-
tion also had a great influence on the tensile strength. Jung [13] conducted experiments
of deformation and strength anisotropy of Asan gneiss, Boryeong shale, and Yeon-
cheon schist under different loading angles. Claessona [14] researched the stress field
and tensile strength of anisotropic rocks by using an analytical solution method. It can
be seen from the researches mentioned above that limited investigations exist on the
tensile strength anisotropy of shale induced by the different loading angles with respect
to the stratification.

Commonly, there are two ways for measuring rock tensile strength, direct tensile
test and indirect tensile test, respectively. However, sample preparation is much more
difficult than for indirect tensile test. In addition, very often phenomenon of stress
concentration results in damage near sample ends and the incorrect interpretation of
outcomes. Indirect methods, such as, Brazilian disk test [15–17], bending test [17] and
ring test [16, 18] methods, have been developed to determine the tensile strength. These
methods simplify loading mode and easily cause tensile stress in the sample by far-field
compression. In the present study, BD test was used to investigate the influence of
stratification on the tensile strength. The Cambrian Silurian black shale was drilled
from Shizhu County, Chongqing in China, and the specimens were prepared along
different angles (0°, 30°, 45°, 60°, 90°) with respect to the stratification. The paper
consists of four sections in total. Section 2 presents the experiments methodology
including the experiment instrument system, specimen preparation, and tensile stress
calculation, followed by result and discussion in Sect. 3. Section 4 summarizes the
main conclusions.

2 Experiment Methodology

2.1 Experiment Preparation

The BD test was conducted by a conventional servo-control material test system with a
loading rate of 200 N/s. The Cambrian Silurian Black shale, without weathering and
disturbance, was collected from Shizhu County, Chongqing city of China (shown in
Fig. 1). The mineralogical composition of BS obtained by using X-ray diffraction
technique was shown in Table 1.

Fig. 1. Sample on site.
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For BD test, 50 mm - diameters cylinders are cored from a rock block of BS with
parallel (along the sampling 1 direction in Fig. 2) and are then sliced to discs with
nominal thickness of 25 mm. All samples are polished to a surface roughness better
than 0.5% of the sample thickness. Figure 3 shows the loading schematics of the BD
test. To investigate the effect of the stratification on the tensile strength, the loading
angle b between the loading direction and the stratification varies. For specimens along
the sampling 1 direction, the loading angle b equals to 0º, 30º, 45º, 60º and 90º (shown
in Fig. 3b). Via the basic mechanical testing, the elasticity modulus and Poisson’s ratio
of the BS at different angles with respect to the stratification are listed in Table 2.

Table 1. Mineral composition of BS.

Composition Quartz Clay Feldspar Pyrite Calcite

Content (weight %) 49.3 33.6 10.9 3.6 2.6

Fig. 2. Sampling direction

Fig. 3. Schematics of the BD test
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2.2 Tensile Stress Calculation

The mechanical property of BS shows high degree of anisotropy with perpendicular to
the stratification, while shows isotropic feature with parallel to the bedding, so it can be
considered a transversely isotropic material [15]. However, many researchers neglected
the effect of stratification on the properties of rocks and used the tensile strength
calculation for isotropic rocks. McLamore et al. [19] research mechanical behavior of
anisotropy sedimentary rocks. Istvan et al. [20] conducted a series studies about rock
mechanics experiments of layered rocks. Claesson and Bohloli [14] used an analytical
solution to get the stress field and tensile strength by Brazilian test under different
loading angles, then verified this method through experiments. In the present study, the
formula proposed by Claesson and Bohloli [14] was used to calculate the tensile
strength for BS.

rpt 0; 0ð Þ ¼ 2 � P
pDH

½
ffiffiffiffiffiffiffiffiffiffi

E=E04
p

� �cos bð Þ
� cos 4bð Þ

4
b� 1ð Þ ð1Þ

b ¼
ffiffiffiffiffiffiffiffi

EE0p

2
1
G0 �

2v0

E0

� �

ð2Þ

Where rpt(0,0) denotes the tensile stress on the point of central fracture, P is the peak
force; b is the loading angle between the stratification and loading direction; D, H and
E are the diameter, thickness and Elastic Modulus of the specimen along the stratifi-
cation, respectively; G′, E′ and v′ denote shear modulus, elastic modulus and Poisson
ratio perpendicular with the stratification; and b is a function of E, E′, v′ and G′.

So, we use the equation of (2) and (3) to get the tensile strength under different
loading angles.

For isotropic materials in the Brazilian tests, the formula is used to get the tensile
strength as follows:

rt ¼ 2 � P
pDH

ð3Þ

Table 2. Elastic modulus and Poisson’s ratio of BS.

b (°) Young’s modulus (GPa) Poisson’s ratio

0 24.90 0.26
30 21.72 0.22
45 20.01 0.24
60 16.68 0.27
90 14.09 0.32
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Therefore, K(b) was named as a coefficient which is a function of b, E and E′:

KðbÞ ¼
ffiffiffiffiffiffiffiffiffiffi

E=E04
p

� �cos bð Þ
� cos 4bð Þ

4
b� 1ð Þ ð4Þ

rpt 0; 0ð Þ ¼ rt � K bð Þ ð5Þ

3 Result and Discussion

3.1 Tensile Stress Results

The tensile strength can be calculated via the Eq. (4) and all values are tabulated in the
Table 3. Figure 4 exhibits the variation of the tensile strength under different loading
angles. For each loading angle, the averaged value of the tests is used. From the Fig. 4,
it can be seen that the tensile strength increases with the increases of the loading angle.
The specimen with b = 0° has the lowest tensile strength of 8.01 MPa, i.e. the BS
specimen with the loading axis (the same as disc fracture plane) along the stratification
yields the lowest tensile strength. The BS specimens with b = 30°, 45° or 60° have the
middle tensile strength of 8.24 MPa, 9.17 MPa and 9.64 MPa, respectively. The
specimen with b = 90° has the highest tensile strength of 12.84 MPa. The highest
value (12.84 MPa from the specimen with b = 90°) is 1.6 times higher than the lowest
one (8.01 MPa from the specimen with b = 0°). This phenomenon indicates that the
tensile strength anisotropy induced by different loading angles is obvious for BS.

Table 3. Tensile strengths under different loading direction.

No. H (mm) D (mm) b (°) P (KN) K (b) rpt (KPa)

0-1 25.30 49.80 0 14.35 1.071 7.76
0-2 25.33 49.60 15.11 8.20
0-3 25.17 49.80 15.07 8.19
0-4 25.29 49.90 14.61 7.89
30-1 25.30 49.83 30 16.99 0.955 8.20
30-2 25.23 49.70 16.75 8.12
30-3 25.20 49.63 17.07 8.30
30-4 25.18 49.69 17.18 8.35
45-1 25.37 49.73 45 16.5 1.127 9.38
45-2 25.47 49.80 15.86 8.97
45-3 25.57 49.73 16.62 9.38
45-4 25.36 49.87 15.77 8.95
60-1 25.23 49.50 60 23.25 0.846 10.03
60-2 25.40 49.80 23.02 9.81
60-3 25.60 49.80 22.91 9.68
60-4 25.49 49.61 21.18 9.03

(continued)
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3.2 Failure Pattern Analysis

It’s well known that isotropic materials are almost split cleanly into two halves along
the loading axis in the BD test. Figure 5 shows typical recovered samples after BD test.
For specimen with b = 0°, the tensile failure occurs and a main failure crack propagates
along the loading direction until the final failure. While for specimen with b = 30°, not
only the tensile failure happens along the loading direction, but also the slippage crack
occurs along the stratification. The crack initiates and propagates from the central point
of specimen and then deviates towards the stratification plane. When b = 45°, 60° and
90°, the main crack along the loading direction and tensile failure occurs. At meantime,
some second cracks accompanied. It can be seen that more complicated cracks occur
when the loading angle increases.

The cementation strength of the stratification is weak and many micro-cracks exist
parallel to the stratification plane, resulting in weak strength along this direction. In
other words, it is easy for the crack to propagate along the stratification. It is hard to
propagate vertically to the bedding plane because the crack overcomes double
cementation strength (i.e., the cementation strength on the stratification and between
different layers). Therefore, the failure plane is parallel to the stratification when b = 0°
while it is perpendicular to the stratification when b = 90°. Therefore, the specimen

Table 3. (continued)

No. H (mm) D (mm) b (°) P (KN) K (b) rpt (KPa)

90-1 25.33 49.60 90 25.9 0.962 12.62
90-2 25.17 49.67 26.5 12.98
90-3 25.27 49.63 25.97 12.68
90-4 25.47 49.61 26.99 13.08

Fig. 4. The variation of the tensile strength under different loading angles.
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with b = 0° has the lowest tensile strength while the specimens with b = 90° yields the
highest tensile strength. And the specimen with b equal to 45° and 60° own the middle
tensile strength.

4 Conclusions

In this work, we investigated the tensile strength anisotropy of BS with varied loading
angles. The BD test was conducted with a conventional servo-control material test
system (MTS-CMT5105). The results demonstrate that the tensile strength of BS
shows obvious anisotropy under different loading angles. The highest tensile strength
value is 1.6 times higher than the lowest one, which reveals that the tensile strength
anisotropy of BS induced by different loading angles with respect to the stratification
should be considered in mechanical analysis for BS. In addition, the failure pattern of
BS specimens under different loading angles has anisotropic trait. When the loading
angles equal to 0° and 45°, 60° and 90°, the specimen is subject to tensile failure. While
for specimens with loading angles of 30°, the tensile – shear failure happens. And the
larger loading angles are, the more complicated cracks occur. The results can provide
some references for the hydraulic fracturing in gas shale engineering.
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Abstract. Long-term strength is one of important behaviors in predicting the
long-term stability of rock mass. In this paper, conventional compression tests
and muti-stage creep tests were conducted and limit strain method for deter-
mining the long-term strength were proposed based on isostrain-rate curve. The
results demonstrated that the long-term strength determined by the limit strain
method could meet the range of long-term strength could solved by transition
creep method, and the results was reasonable.

Keywords: Creep � Long-term strength � Limit strain method
Transition creep method

1 Introduction

All rocks may show amechanical response that is time-dependent. The failure strength of
the rocks will tend to decrease over time and the deformation also increases even under
constant long-term loading [1]. In many applications, the failure of the rock mass under
loading is not a sudden brittle failure but instead damaged after years or decades [2].

Long-term strength is one of rock’s important time-dependent properties, and it can
be defined as the maximum stress that would not cause failure of rock under a
long-term loading [3, 4]. According to the definition of long-term strength, the most
direct method to determine the long-term strength is to use a single-stage constant load
test under a series of different stress levels, which can directly obtain the long-term
strength value. Although this method is reasonable in theory, it is difficult to be used in
actual operation as the failure stress is unpredictable. Therefore, the indirect method
were proposed and a number of methods to determine the long-term strength have been
proposed [5–7]. The tautochrone method and transition creep method were most widely
used methods in present researches. However, related research demonstrated that
tautochrone inflection point has numerous variation laws and can’t always determine
the long-term strength accurately [2]. Transition creep method is also proposed by
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many researchers [7, 8], and the results of this method are a range of values depending
on the stress step of creep test, which makes it rather difficult using such method to
obtain accurate long-term strength. So it’s necessary to explore some reasonable
methods to determine the long-term strength.

In this paper, the conventional tests and muti-stage creep tests were conducted on
green schist. The isostrain-rate curve was plotted and the long-term strength were
solved by transition creep method and limit strain method.

2 Methodology

2.1 Test Equipment

A triaxial rehological test machine TLW-2000 were used for triaxial compression test
and traxial muti-stage creep tests. The maximum vertical axial compression load is
2000 kN, and the maximum confining pressure can be applied to 50 MPa. The strain in
each directions were measured by two displacement transducers and the measuring
accuracy of deformation is ±1% [2] (Fig. 1).

2.2 Samples

The study is conducted using green schist from Jinping II hydropower station in
Sichuan Province, China [9]. The samples were obtained from the diversion tunnel
which is 1600 m below ground. The samples prepared for tests are 50 mm in diameter,
100 mm in height according to ASTM [10].

To get further information of the sample, the uniaxial compression test and triaxial
compression tests were conducted. The uniaxial compressive strength, elastic modulus

Fig. 1. Test equipments
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and Poisson’s ratio were 134.3 MPa, 9.39 GPa and 0.25, respectively. The cohesion of
the greenschist samples was 31.2 MPa and the friction angle was 42.3º. The complete
strain-stress curves were plotted in Fig. 2.

2.3 Tests Procedure

The triaxial and uniaxial muti-stage creep tests were initially loaded at a constant strain
rate 0.15 MPa/s, until loading was stopped at a predetermined axial stress, and the axial
load was held constant for 72 h and then loaded to the next predetermined axial stress.
During the tests, the temperature was controlled at 20 ± 1 °C and the humidity was
maintained at 50 ± 2% using a constant temperature humidistat. The stress and strain
were recorded, automatically [2].

3 Results and Discussion

3.1 Solution of Long-Term Strength

(1) Transition creep method

During the creep process, the samples don’t fail and only exhibit transient creep stage if
the applied stress is below a stress threshold value. Once the applied stress surpass the
threshold stress, clear steady creep stage can be observed, and finally termed to the
accelerating creep stage and caused the failure. The transition creep method defined the
threshold stress as the long-term strength. Although it is impossible to record the exact
value of this stress threshold at which transient creep occurs, an interval can be
obtained from the muti-stage creep tests.

Take the muti-stage creep test under confining pressure 40 MPa as an example. As
shown in Fig. 3, the curve termed to the steady creep stage after transient creep stage. it
shows the obvious steady creep rate characteristics, and the creep rate kept almost
constant in the last 24 h in Fig. 3. Therefore, average creep rate of the last 24 h can be
defined as steady creep rate which can be used for determining the long-term strength,
approximately. When the axial stress was 290 MPa or lower than it, the steady creep
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rate of last 24 h was close to 0, and the fitting curve in Fig. 3(a) was almost horizontal.
Once the axial stress surpass 290 MPa, the steady creep rate increased greatly. As
shown in Fig. 3(b), the slope of the fitting curve increased obviously when the axial
stress was 320 MPa.

The steady creep rate of each stress level at last 24 h in muti-stage creep tests were
plotted in Fig. 4. We can use it to estimate the range of long-term strength according to
the transition creep method, as shown in Fig. 4. In Fig. 4, the steady creep rate
increased greatly when the axial stress surpass 290 MPa, and we can defined that the
range of long-term strength was 290 MPa to 320 MPa. We can also determine the
range of long-term strength under uniaxial creep test is 94–105 MPa.

The long-term strength can be also determined by creep properties [2], and the
results were also [290, 320], [94, 105].
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(2) Limit strain method

The concept of limit strain curve was also proposed by Bérest et al. [11]. It was defined
as the stress-stain curve when the loading strain rate is slow enough to allow the
development of strain in real time. The stress value of point H can be called long-term
strength, because it is the minimum stress (threshold) that can cause the failure of rock
in long period of time. Therefore, if the locus of limit strain could be calculated, then
point H can be solved combining with the complete stress-stain curve, and the
long-term strength could be determined (Fig. 5).

As an example, the long-term strength of green schist is determined by the limit
strain method as follows:

Isostrain-Rate Creep Curves
The stress (r), strain(e) which equal in strain rate(v) were taken to plot an isostrain-rate
creep curve in the stress-strain coordinate system. Figure 6 shows the process of
plotting isostrain-rate creep curve, and curves under different strain rate can be called
the isostrain-rate creep curves cluster [2].
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The isostrain-rate creep curves were plotted using the method mentioned above
which contains ten different strain rates as follows: 0.4%/h, 0.2%/h, 0.1%/h, 0.05%/h,
0.005%/h, 0.002%/h, 0.001%/h, 0.0005%/h, 0.0004%/h, 0.0002%/h. As shown in
Fig. 6, all the curves approach to linear relationship when stressed below 290 MPa and
94 MPa. The morphology of curves turned to nonlinear when the specimen was
stressed above a value larger than 290 MPa and 94 MPa, and the characteristics of
nonlinear turned to more and more obvious with the increasing of stress.

Solution of Limit Strain Curve
The isostrain-rate curve when the stress was lower than the threshold, the curve were all
approach to a straight line, as shown in Fig. 6. The linear section of isostrain-rate curve
can be described with the formula as follows:

r ¼ AeþB ð1Þ

where:
r = stress, MPa, and e = strain, %. The correlation coefficient of fitting using the

formula (1) are all higher than 0.9997. The parameter A and B in different strain rate
were plotted in Fig. 7. The curves under different strain rates are similar in shape, and
limit strain curves (strain rate is 0) can be calculated by the regularity between curves as
shown in Fig. 7.

Therefore, when the confining pressure was 40 MPa, the equation of limit strain
curve was r = 22.3 � 103e + 28.32, and the limit strain curve under uniaxial condi-
tion can be described as r = 26.3 � 103e − 92.62.

Long-Term Strength of Green Schist
In order to reduce the error caused by the difference between rock samples, the vertical
axis in Fig. 8 is the ratio of stress and peak strength. As shown in Fig. 8, the long-term
strength of green schist is the stress at point H which is the intersection point of
complete stress-strain curve and limit strain curve, and the results was 78.3% of peak
strength under confining pressure 40 MPa, and 64% in uniaxial tests.
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Fig. 7. Relationships between parameter and stain rate in formula (1)
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4 Conclusion

In this paper, we proposed a method for determining the long-term strength based on
the isostrain-rate creep curve. To verify this method, conventional compression tests
and muti-stage creep tests were performed. Based on the isostrain-rate curve. The
following conclusions can be drawn: The long-term strength of green schist under
uniaxial and triaxial conditions determined by limit strain method were 94.1 MPa, and
300 MPa. The results agrees with the range value estimated by the transition creep
method. The results are close to each other, and also meet the empirical value of
long-term strength.
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Abstract. The large magnitude micro-seismicity observed during the process of
hydraulic fracturing is likely to be associated with the activation of pre-existing
faults. To better understand the mechanism of fault stability, shear tests were
performed on powdered gouge of shale and sandstone reservoir rocks from four
different oilfields in China using the double direct shearing geometry, at three
successive normal stresses, 10, 20 and 40 MPa, and under fully saturated condi-
tions, aiming to investigate the effects of normal stress and clay contents on fric-
tional strength and stability of faults. The velocity step tests were performed from
0.1 to 100 lm/s to assess the frictional stability by calculating the value of a − b. It
is observed that the frictional strength decreases with higher clay content and a
transition from velocity weakening behavior (a – b < 0) to velocity strengthening
behavior (a – b > 0) at a clay content of 15–20%. The frictional strength generally
decreases slightly with higher normal stress. The critical slip displacement Dc

shows an increasing trend with the increase of clay content at both low and high
normal stress, while an opposite trend appears under medium normal stress.

Keywords: Friction � Stability of faulting � Minerology � Stress conditions
Reservoir rocks

1 Introduction

Hydraulic fracturing technique has been widely applied to the exploitation of uncon-
ventional oil and gas resources due to its effectiveness in enhancing oil and gas recovery,
especially for low permeability reservoirs [1]. However, a series of felt earthquakes in
North America and Europe are believed to be highly correlated with the hydraulic frac-
turing operations, such as injection of high pressure fluids and deep disposal of
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wastewater [2, 3]. One possible mechanism of hydraulic fracturing induced seismicity is
that the stress changes can activate the underlying pre-existing faults [4, 5]. Therefore, a
careful understanding of the potential factors for fault stability and activation in reservoir
systems is significant for assessing seismic hazard during the lifetime of hydraulic
fracturing.

Clay minerals, common components in mature natural faults, are considered to
greatly affect the macroscopic fault strength and stability [6, 7]. The research work of
Shimamoto and Logan [8] showed that the fault strength can be significantly altered
with clay contents as low as 15–20%. Takahashi et al. [9] reported that a sharp drop of
friction coefficient could be observed at 50% of clay content. Crawford et al. [10]
conducted triaxial shearing tests on synthetic quartz and kaolinite under hydrostatic
conditions and showed that the frictional strength of fault gouge decreases continuously
with increasing clay contents. Tembe et al. [11] explored the effects of binary and
ternary mixtures of quartz, illite, and montmorillonite on the frictional sliding of
simulated faults. The experimental results demonstrated that illite/quartz mixture shows
different properties compared with montmorillonite mixtures. Later, the experiments of
Ikari et al. [12] and Tesei et al. [13] also indicated that the phyllosilicate-rich fault
gouge is less likely to promote unstable slip and accelerate the earthquake nucleation.
Although the effect of clay minerals on the fault friction behavior has been investigated
under a broad range of laboratory conditions, little research work has been carried out
on the natural reservoir rock samples under fully saturated conditions.

Normal stress is another key parameter for controlling the behavior of frictional
stability and strength [14]. For example, Saffer et al. [15] reported that the friction of
semectite clay is closely related with the normal stress conditions. Under low normal
stress (<30 MPa), the semectite clay exhibits velocity weakening behavior, while under
higher normal stress (>50 MPa) only velocity strengthening behavior can be observed.
Saffer and Marone [16] pointed out the effects of normal stress on frictional properties
of smectite- and illite-rich gouge are quite different. The results of Ikari et al. [17]
revealed that high effective stress is crucial for fault instability and seismic nucleation.
Hartog et al. [18] performed biaxial tests on illite shale fault gouge under different
normal stresses and found that the increased velocity strengthening behavior can be
observed at higher normal stress. However, the effect of normal stress on the frictional
properties of natural reservoir rocks especially under fully saturated conditions has not
been fully understood yet.

In this study the double direct shearing tests are carried out on natural rock samples
from different oilfields in China in order to investigate the effects of normal stress and
clay content on the frictional strength and stability of faults. Different from most of the
documented experiments in the literature which are conducted with dried rock samples,
all our experiments are performed under fully saturated conditions. The rate- and state-
friction equations and Dieterich evolution law are adopted to evaluate experimental
results and calculate friction parameters of a − b and other constitutive parameters.

The arrangement of this paper is as follows. Section 2 describes the experimental
methods and inverse modelling technique for constitutive friction parameters and
Sect. 3 presents the experimental results under fully saturated conditions. Next, the
effects of normal stress on friction parameters and implications for natural faults’
behavior are discussed in Sect. 4. Finally, the main findings are summarized in Sect. 5.
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2 Methods

2.1 Rock Samples

A total of eight reservoir rocks samples from four different oilfields in China were
collected for shearing tests, including four types of shale and four types of sandstone,
as shown in Fig. 1. Among them, the samples Longmaxi Shale-1, Longmaxi Shale-2,
Longmaxi Shale-3 and Ordos Sandstone were from rock outcrop, while others were
taken from the core samples at a depth between *3300 m and *5200 m. The mineral
compositions of these reservoir samples were determined by XRD (X-ray diffraction)
and is presented in Table 1. Typical minerals in these reservoir rock samples incor-
porate clay minerals, quartz, albite, orthoclase and calcite, with a bit of dolomite and
pyrite content in shale. It is worth noting that the clay contents range from 8% to 26%
among eight rock samples and the clay content in shale are generally higher than that in
sandstone. All rock samples were crushed and sieved to obtain a particle size less than
150 lm before the shearing tests.

2.2 Experimental Setup and Procedure

Double direct shearing experiments were performedwith the static biaxial loading system
at room temperature and fully saturated conditions, as shown in Fig. 2. Two 5-mm-thick

Fig. 1. Examples of rock sample materials for shearing tests. From left to right, from top to
bottom: Longmaxi Shale-1, Longmaxi Shale-2, Longmaxi Shale-3, Xuwu Shale, Ordos
Sandstone, Junggar Sandstone-1, Junggar Sandstone-2 and Shengli Sandstone.

Table 1. Mineral compositions of tested reservoir rock samples.

Name Clay minerals Quartz Albite Orthoclase Calcite Dolomite Pyrite

Longmaxi Shale-1 10% 44% 1% 1% 19% 23% 2%
Longmaxi Shale-2 23% 45% 10% 5% 9% 4% 4%
Longmaxi Shale-3 18% 39% 7% 3% 23% 6% 4%
Xuwu Shale 26% 50% 12% 2% 6% 4% –

Ordos Sandstone 14% 42% 20% 9% 15% – –

Junggar Sandstone-1 12% 53% 22% 7% 6% – –

Junggar Sandstone-2 17% 47% 26% 10% – – –

Shengli Sandstone 8% 33% 13% 5% 8% 33% –
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sample gouge layers were sandwiched between three roughened steel forcing blocks. The
two outer steel blocks have the dimensions of 5 � 5 � 2 cm3 and the size of central steel
block is 10 � 5 � 3 cm3 so that a constant area of 50 � 50 mm2 was maintained
thought the shearing tests [19, 20]. The normal stress was applied by the horizontal piston
with 1 N resolution, while the vertical piston could be precisely controlled to obtain a
constant shearing velocity. In each experiment, the fault sample was put in a ziplock bag
filled with distilled water and placed on the loading platform. After that, we applied a
small normal force on the whole sample and kept it for about 12 h to ensure that the
sample gouge layers were fully saturated.

The loading process can be distinguished into three different stages according to the
normal stress. At the first stage, we applied a constant normal stress of 10 MPa to the
whole sample and the shearing load was obtained by forcing the vertical piston with the
constant shearing rate of 10 lm/s. When the steady state of friction was achieved
(about 4 mm shearing displacement for all reservoir samples), the velocity steps were
performed with the shearing velocity changing from 0.1 lm/s to 100 lm/s until the
shearing displacement reached 7.5 mm. The shearing displacement was 0.5 mm for
each velocity step throughout the whole tests. At the second stage, the normal stress
was raised up to 20 MPa and the shearing rate was set at 10 lm/s until the shearing
displacement reached 8.5 mm. The velocity steps were also conducted the same as the
first stage until the shearing displacement was 12 mm. The final stage was similar with
the second stage except that the normal stress was changed to 40 MPa. The total
shearing displacement was 16.5 mm for the whole test procedure.

2.3 Data Analysis

The rate and state constitutive friction (RSF) law [21, 22] were employed to do inverse
modeling of the experimental data. Some of the experimental data were fit well with

Fig. 2. Setup of the double direct shearing test.
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one state variable RSF law, while others needed to be modeled by two state variable
RSF law. In the theory of two state variables RSF law, the friction l has the form of:

l ¼ l0 þ alnðV=V0Þþ b1lnðV0h1=Dc1Þþ b2lnðV0h2=Dc2Þ ð1Þ

where l is steady state friction coefficient at velocity V, l0 is the reference steady state
friction coefficient at velocity V0 (V > V0), a, b1 and b2 are friction constitutive
parameters reflecting the effects of instantaneous and displacement changes in friction,
h1 and h2 are state variables, Dc1 and Dc2 are the critical slip distance needed for a new
steady state happens. The elastic coupling equation of l is given by:

dl=dt ¼ KðVlp � VÞ ð2Þ

where K is the stiffness of the loading system and the method for the determination of
K is described in Leeman et al. [23], Vlp represents the load point velocity.

Here we use the Dieterich law [21] to describe the evolution of state variable h
which expressed as,

dhi=dt ¼ 1� ðVhi � DciÞ; ði ¼ 1; 2Þ ð3Þ

The value of a − b is mainly used for indicating the friction stability for a finite
velocity step, expressed by,

a� b ¼ Dlss=DlnV ð4Þ

For the case of two state variables, we define b = b1 + b2 and Dc = Dc1 + Dc2 for
data analysis [12, 24]. The schematic diagram of idealized friction law is shown in
Fig. 3 where the positive value of a − b indicates velocity-strengthening friction
behavior and the negative value of a − b represents velocity-weakening friction
behavior [25].
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Fig. 3. The schematic diagram for idealized rate and state friction law.
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3 Results

The friction-displacement curves for all reservoir rock samples under three consecutive
normal stresses are shown in Fig. 4. For better illustration, we plot the friction-
displacement curves of shale and sandstone rock samples in Fig. 4(a) and (b),
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Fig. 4. Friction-displacement curves for all reservoir samples under normal stresses of 10 MPa,
20 MPa and 40 MPa, respectively. (a) Four kinds of shale. (b) Four kinds of sandstone.
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respectively. A clear disparity of friction coefficient of eight reservoir rock samples can
be observed in these two pictures. The friction coefficient of four kinds of shale ranges
from 0.48–0.64 under normal stresses of 10 MPa, 20 MPa and 40 MPa, and the rock

Fig. 5. Friction coefficient and distribution of value of a − b as functions of the clay content
under different normal stresses. The red rhombuses represent the friction coefficient and the blue
circles show the distribution of value of a − b. (a) Under normal stress of 10 MPa. (b) Under
normal stress of 20 MPa. (c) Under normal stress of 40 MPa.
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sample Longmaxi Shale-1 shows the highest friction coefficient because of its relatively
lower content of clay compared with other shale. On the contrary, the rock sample
Xuwu shale exhibits the lowest friction coefficient of about 0.5 on account of its highest
clay content among all reservoir samples. The friction coefficient of four types of
sandstone ranges from 0.52–0.68 under three different normal conditions, and due to
the lowest clay content, the friction coefficient of Shengli Sandstone is the highest
compared with other sandstone. Interestingly, the friction coefficient of Shengli
Sandstone shows apparently monotonously decreasing trend with the increasing normal
stress, which is possibly affected by its particle size distribution and this will be
discussed later.

We adopt the friction coefficient under shearing displacement of 6.25 mm,
10.75 mm and 15.25 mm as friction coefficient under 10 MPa, 20 MPa and 40 MPa,
respectively. The friction coefficient and value of a − b as functions of clay content
under three different normal stresses are shown in Fig. 5. We observe a significant
decreasing trend of friction coefficient and an increasing trend of a − b with the
increase of clay content of reservoir rocks from different oilfields under normal stresses
of 10 MPa, 20 MPa and 40 MPa, similar with the results of Kohli and Zoback [26].

Under normal stress of 10 MPa, the value of a − b ranges from −0.0014 to 0.0043
and velocity weakening (a − b < 0) behavior can be observed with clay content less
than 15%. This is a bit different from the results of Kohli and Zoback [26] on dried
natural shale reservoir rock samples. The value of a − b is between −0.0017 and
0.0031 under normal stress of 20 MPa. It is worth noting that the transition from
velocity weakening (a – b < 0) behavior to velocity strengthening (a – b > 0) behavior
occurs with 20% content of clay minerals under 20 MPa normal stress, a little higher
than that at 10 MPa normal stress. When the normal stress is raised to 40 MPa, the
value of a − b is mainly in the range from −0.0006 to 0.0037, and the transition from
velocity weakening to velocity strengthening behavior is nearly identical with the
condition of 10 MPa with 15% clay content.
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Fig. 6. The friction coefficient as a function of clay content under three normal stresses.
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4 Discussion

The normal stress is thought to be a significant factor for the frictional strength and
stability of faults [24]. The friction coefficient as a function of clay content under three
successive normal stresses is presented in Fig. 6. The friction coefficient under normal
stress of 20 MPa and 40 MPa is nearly identical, but they are a bit lower than that
under 10 MPa normal stress. This is because the rock powders need to be crushed to
reach a steady state and form the sliding plane under the normal stress of 10 MPa.

Fig. 7. The critical slip displacement as a function of clay content under different normal
stresses. The red rhombuses represent the average value of Dc and the blue circles illustrate the
distribution of Dc with a certain clay content. (a) 10 MPa. (b) 20 MPa. (c) 40 MPa.
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Therefore, the friction tests under 20 MPa are conducted on the basis of the powders of
10 MPa, which leads to the friction strength under 20 MPa typically lower than that
under 10 MPa. In addition, the rock powders has been crushed to a critical value and
the sliding plane has formed under the normal stress of 20 MPa. This can partially
account for the reason that the rock samples show similar friction coefficient under
normal stress of 20 MPa and 40 MPa.

The critical slip displacement Dc represents the distance required to reach a new
steady state in velocity stepping tests and have important implications for determining
the dimension of rupture nucleation and the amount of pre- and post-seismic slip [27].
The critical slip displacement as a function of clay content is depicted in Fig. 7. The
values of Dc range from 10 to 95, from 35 to 120 and from 10 to 90 under 10 MPa,
20 MPa, and 40 MPa normal stress. Most importantly, the values of Dc show
decreasing trend with higher clay content under normal stress of 10 MPa and 40 MPa,
while the values of Dc show increasing trend under normal stress of 20 MPa. This
phenomenon reflects that the normal stress has complex effects on the critical
displacement.

The observed transition from velocity weakening behavior (a − b < 0) to velocity
strengthening behavior (a − b > 0) for shale and sandstone reservoir rocks at the clay
content of 15–20% has important implications for the stability of natural pre-existing
faults in reservoirs. The recently observed large magnitude micro-seismicity is shown
to be closely correlated with the activation of the pre-existing faults. The observed
results can be helpful for assessing the stability of faults by analyzing the mineral
compositions and stress conditions of reservoir rocks at different depth.

5 Conclusions

Different from conventional experiments on dried synthetic fault gouge, we conducted
double direct shearing tests on natural shale and sandstone reservoir rock powder
samples to primarily explore the key parameters that control the frictional strength and
stability of faults, under fully saturated conditions and at room temperature. The fol-
lowing conclusions can be drawn from the study:

(1) The frictional strength of shale and sandstone fault gouge shows a decreasing
trend with higher clay content.

(2) A transition from velocity weakening to velocity strengthening behavior can be
observed at a clay content of 15–20% under water-saturated conditions.

(3) The frictional strength of the tested samples generally decreases slightly with
higher normal stress.

(4) The normal stress has complex effects on the critical slip displacement Dc. Under
normal stresses of 10 MPa and 40 MPa, Dc decreases with higher clay content,
while an opposite trend is observed under 20 MPa normal stress.
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Abstract. The micro-scale damage evolution of the rock-like specimens with
prefabricated flaw pairs under uniaxial compression were studied by scanning
electron microscopy. The morphologies and mechanical properties on the sur-
faces of failure specimens were compared with the specimens failed under single
tension and single shear respectively. By analyzing the numerical simulation
results, the characteristics of cracks propagation and stress distribution on the
fractured surfaces were studied. The results show that the tensile stress plays a
leading role in the propagation of wing cracks and anti-wing cracks during the
failure of the double flawed specimens with the inclination angle of 45°. The
rock bridges have little effect on the propagation of wing cracks outside the
outer tips of flaw pairs, but have influence on the initiation and propagation of
anti-wing cracks. In the double flawed specimens with the inclination angle of
60°, the coalescence types are related to the angles of the rock bridges. The
failure characteristics near the crack tips are different when the rock bridge
angles change. With the cracks overlap and coalesce, the proportion of tensile
failure increases gradually.

Keywords: Uniaxial compression � Scanning electron microscopy
Flaw pairs � Failure mechanism

1 Introduction

The microscopic morphological features of the fracture surfaces formed by the failure
of rock mass, to a certain extent, reflect the stress distribution and the failure behaviors
of rock mass during the whole growth process of the cracks. Therefore, the mechanical
properties of failure in rock mass can be studied by analyzing the geometrical images of
fracture surfaces obtained by scanning electron microscopy (SEM) tests. This method
provides an effective way to establish the relationship between macroscopic failure
process and microscopic failure mechanism.

The SEM imaging technique has been successfully used to study the characteristics
of crack evolution and rock damage [1–5]. In addition, Wu et al. [6] used optical
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microscopy and SEM to observe the failure modes of sandstone under different con-
fining pressures. Wong et al. [7] used SEM to study the white patches and their
evolution to macroscopic tensile cracks and shear cracks in marble. They also studied
the microscopic initiation of hair-line tensile cracks in gypsum specimens. In the
experimental study of rock failure, the SEM method was often combined with other
methods, especially the digital image correlation (DIC) method. Wang et al. [8] carried
out the investigation at the micrometric scale of the composite microstructure of the
rock by using environment scanning electron microscopy (ESEM) and DIC techniques.
Sone et al. [9] used SEM and DIC method to observe the micromechanical deformation
occurring during fracturing and the creep deformation in organic-samples from the
Alum shale. Guillaume et al. [10] used SEM and broad ion beam (BIB) polishing to
study the evolution of microstructure in samples of clay. However, most of them have
studied quantitatively for the evolution of cracks on surface. There are few studies
concentrated on the variation of mechanical characteristics on the basis of qualitative
analysis of microscopic characteristics.

In this paper, the fracture surfaces of the rock-like specimens with flaw pairs were
scanned by electron microscopy. The morphologies and mechanical properties of the
fracture surfaces were compared with the fracture surfaces under single tension and
single shear. The characteristics of the fracture surfaces and stress distribution were
observed and analyzed. Based on the numerical simulation results, the mechanical
mechanisms of cracks evolution in different specimens with flaw pairs were studied.

2 Experiments

2.1 Specimens Preparation

The size of specimens are 100 mm � 40 mm � 10 mm (length � width � thickness),
the specimen is shown in Fig. 1, where a is the inclination angle and b is the rock
bridge angle. The length of the flaws are 14 mm and the length of rock bridges are
21 mm. Because when the length of the flaw projected on the horizontal plane is less
than 1/3 of the width of the specimen, the cracks propagation path would not be
affected by the left and right boundaries of specimens.

Fig. 1. Rock-like specimen used in uniaxial compression
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In order to study the geometrical morphologies of the cross-sections of the rock-like
material under single tension and single shear, the Brazilian discs splitting test and
shearing test were conducted. The samples were cut to blocks and the fracture surfaces
were sprayed with conductive films. Different samples are shown in Fig. 2.

2.2 SEM Method

The typical tensile fracture surfaces by SEM in splitting test are shown in Fig. 3. The
main features include: flocculent particles distributed at the fracture surfaces, the sur-
faces were roughness in magnification of 500 times, the holes were complete and the
boundary lines were obvious.

(a) (b) (c)

Fig. 2. Samples prepared for scanning. a Sample in Brazilian discs splitting test. b Sample in
shearing test. c Sample used in SEM method

(a) (b)

(c) (d)

Fig. 3. The typical fracture surfaces under single tension. a Full view of surface: particles were
“flocculent”, holes were complete. b Flocculent structure: the most prominent feature of tensile
failure section. c Terrace structure: uneven distribution of terraced fields, there were small
amount of crystal debris distributed around the interlayer lines. d Hole: the holes were complete
and the surrounding granules were flocculent
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The typical shear fracture surfaces are shown in Fig. 4. The main features include:
the cross sections contain complex and variable profiles, the shear zones were smooth,
the holes were not complete, the boundary lines were not obvious and the surrounding
surfaces were distributed smoothly.

The scanned failure surfaces of the rock-like specimens can reflect the failure
characteristics and the stress distribution in the process of damage growth. The failure
surfaces in specimens with different inclination angles and rock bridge angles were
scanned in the whole process of cracks propagation. The results were compared with
the specimens under single tensile and single shear stress. The characteristics of stress
distribution and damage growth during the crack evolution were studied according to
the features of the fracture surfaces.

3 Results and Discussion

3.1 Specimens with Inclination Angle of 45°

Pre-cracked specimens with flaw pairs were loaded to failure in uniaxial compression
tests. Some typical fracture surfaces were observed by SEM method. Figure 5 shows
different cracks in specimens with same inclination angle of 45° and different rock
bridge angles. The scanned wing cracks are circled with solid-line ellipses, and
anti-wing cracks are circled with dotted ellipses.

(a) (b)

(c) (d)

Fig. 4. The typical fracture surfaces under single shear. a Terraced structure: the shear effect
between different platforms was significant. b Shearing layered structure: the upper and lower
surfaces were failed by shearing. c Smooth shearing zone: single shear area, has a clear texture
like river. d Hole: failed under both tensile and shear stress, there were “cut hats” around the
holes
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Wing Cracks. Figure 6 shows the fracture surfaces in specimens with inclination
angle of 45° and the rock bridge angle of 45°, 90°, 120° and 180°, respectively. The
morphologies and damage characteristics during the whole process of wing cracks
propagation are summarized as follows:

b = 45°: In the early stage of cracks propagation, most of the cross surfaces were
flocculent. There were “layered, hill-like” structures and a small part of shear traces in
the middle and late stages. b = 90°: The “stepped” structures were obvious at initial
surfaces, while surfaces at the middle and late stages were mostly “layered” structures.
b = 120°: Flocculent structures were significant and most of holes were complete at the

(a) β = 45 ° (b) β = 90 ° (c) β = 120 ° (d) β =180 ° 

Fig. 5. Different cracks in pre-cracked specimens with inclination angle of 45°

(a) β = 45 ° (b) β = 90 °

(c) β = 120 ° (d) β =180 °

Fig. 6. Fracture surfaces of wing cracks in specimens with inclination angle of 45°
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whole process of crack propagation. b = 180°: A part of the areas were “hill-like”
structures, and flocculent structures of particles were significant.

In addition, the fracture surfaces of wing cracks were rough and changed little at
different stages. The tensile stress played a leading role in the evolution of wing cracks.
The rock bridges had little effect on the propagation and damage growth of wing cracks
between flaw tips and boundaries of specimens.

Anti-wing Cracks. The different fracture surfaces of anti-wing cracks in specimens
with inclination angle 45° are shown in Fig. 7. The morphologies characteristics are
summarized as follows:

b = 45°: Mountain-like structures widely distributed and there were large amount of
flocculent particles, the holes were complete. b = 120°: The fracture surfaces were
mostly step-like. Most of the particles were flocculently distributed in the late stage of
propagation. b = 180°: The sheet-like and mountain-like structures were significant
and most of the holes were complete.

The characteristics of fracture surfaces within anti-wing cracks were similar to the
wing cracks, which are basically tensile failure. Rock bridge areas had a certain impact
on the evolution of anti-wing cracks at the flaw tips. For example, it was difficult to
generate anti-wing cracks when the rock bridge angle was 90°.

3.2 Specimens with Inclination Angle of 60°

Figure 8 shows different cracks in double flawed specimens with same inclination
angle of 60° and different rock bridge angles. The scanned cracks in the vicinity of rock
bridge areas are circled with solid-line ellipses. The specimens with rock bridge angle
of 60°, 90° and 120° are selected to analyze. For the sake of simplicity, different
specimens are represented by “a - b”.

60°-60° Specimen. As shown in Fig. 9, the fracture surfaces near the tips of flaw pairs
are smooth and the cross sections are mostly river-like and terraced when the rock
bridge angle is 60°. The particles increased and the boundaries of the holes turned to be
obvious with the growth of cracks. There were many shear cracks in the vicinity of the
initiation position, and the coalescence type of rock bridge area was shear coalescence.

(a) β = 45 ° (b) β = 120 ° (c) β = 180 °

Fig. 7. Fracture surfaces of anti-wing cracks in specimens with inclination angle of 45°
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With the further development of the damage, the proportion of tensile failure was
gradually increased.

Numerical experiments based on extending discrete element method were con-
ducted to study the mechanical characteristics quantitatively. The strain criterion was
embedded in UDEC to simulate the failure progress of specimens with flaw pairs. This
numerical method has been verified to be appropriate for simulating the crack initiation

(a) β = 60 ° (b) β = 90 ° (c) β = 120 ° 

Fig. 8. Different cracks in pre-cracked specimens with inclination angle of 60°

Fig. 9. Fracture surfaces in specimen with a = 60° and b = 60°

Fig. 10. Stress-strain curve, number of tensile and shear cracks in 60°-60° specimen
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stress, peak strength and crack growth morphology of the specimens in lab test. The
parameters used in simulation were in the same with the paper [11] by the authors of
the present paper.

Figure 10 shows the stress-strain curve, the number of tensile cracks and shear
cracks in 60°-60° specimen. After the initiation, the tensile and shear cracks almost
propagated simultaneously (point 1). The shear cracks between inner tips connected to
each other soon after (point 2). The cracks at outer tips began to propagate after the
rock bridge was coalescence. The number of tensile and shear cracks were approxi-
mate. After the stress gradually reached to the peak (point 3), the number of tensile
cracks increased rapidly until the specimen was failure.

60°-90° Specimen. During the initiation and coalescence, the fracture surfaces in
60°-90° specimen were in same with that of 60°-60° specimen, as shown in Fig. 11.
But most of the fracture surfaces in the rock bridge area were rough, the holes were
complete and the boundary lines were obvious, which indicate the characteristic of
tensile failure.

Figure 12 shows the numerical simulation results of 60°-90° specimen. The cracks
initiated at the inner and outer tips and the propagation rate at the inner tips was slower
than that of the outer tips (point 1). The lengths of tensile cracks at the rock bridge area
were relatively short compared to the cracks at outer tips of flaw pairs before

Fig. 11. Fracture surfaces in specimen with a = 60° and b = 90°

Fig. 12. Stress-strain curve, number of tensile and shear cracks in 60°-90° specimen
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approaching coalescence (point 2). The number of tensile cracks in the rock bridge area
was much larger than the shear cracks. The tensile cracks coalesced at the rock bridge
area (point 3) and then suddenly penetrated the entire specimen.

60°-120° Specimen. The fracture surfaces in specimen with rock bridge angle of 120°
are shown in Fig. 13. There was no coalescence at the rock bridge area. Most of the
fracture surfaces between the outer tips and two ends of the specimen were failed under
tensile stress. There were a few shear cracks near the flaw tips. The characteristics of
damage growth were similar to the specimens with rock bridge angles of 60° and 90°.

4 Conclusions

The failure surfaces of the specimens with flaw pairs were scanned by electron
microscopy, and the extending discrete element numerical method was also used to
study the mechanism of cracks propagation and damage growth. The main conclusions
are as follows:

(1) The fracture surfaces of the specimens with flaw pairs in the inclination angle of
45° are rough. The differences of morphological features are not significant during
the different stages of the cracks propagation, and the tensile stress plays a leading
role in the evolution of wing cracks and anti-wing cracks. The angle of the rock
bridge has little effect on the propagation of wing cracks between the crack tips
and the boundaries of the specimen, which has a certain influence on the evolution
of the anti-wing cracks at the tips of the flaw pairs. It is difficult to generate
anti-wing cracks when the rock bridge angle is 90°.

(2) In the double flawed specimens with the inclination angle of 60°, the coalescence
types of the rock bridge area are affected by the angle of the rock bridge. When
the rock bridge angles are 60°, 90° and 120°, the coalescence types are shear
coalescence, tensile coalescence and no coalescence, respectively. The failure
characteristics of the flaw tips are different when the angle of the rock bridge is
different. The shear cracks are mainly concentrated near the tips of the flaw pairs.
The proportion of tensile cracks gradually increased along with the coalescence of
cracks.

Fig. 13. Fracture surfaces in specimen with a = 60° and b = 120°
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Abstract. Due to the experimental limitations and the complexity of rock
texture, the numerical simulation was employed to research the cracking process
of marble sample containing a single flaw under uniaxial vertical compression.
Parallel bond model (BPM), a type of bonded-particle model was used to rep-
resent the intact rock, while the smooth joint model (SJM) recently proposed has
emerged as a promising tool for simulating the preexisting flaws. The two
parameters of the flaw was considered in the paper, the flaw’s inclinations
b varied from 0° to 90°measured from the horizontal, and the flaw’s lengths
L varied from 10 mm to 80 mm. According to the position of the micro-crack,
sequence to observe what is happening to crack initiation, propagation and
coalescence. The progress was divided into two stages, the evolution of
micro-crack and the stress distribution of the model were considered to adopt to
analysis the failure progress of the model. Simulation results indicated that the
flaw’s inclinations and flaw’s lengths showed an obvious effect on the uncon-
fined compressive strength behavior of the sample. The flaw’s inclinations were
changed the fracture angle of the model and the fracture mode of the model. The
flaw’s inclinations There was a critical flaw length in the simulation between
30 mm and 40 mm of this sample, which distinguished the existing of flaw
whether the main reason for the failure of rock.

Keywords: Discrete element method � Smooth joint model
Synthetic rock mass � Micro-crack coalescence

1 Introduction

Cracking processes are the crack initiation, propagation, interaction as well as eventual
coalescence processes in rock. The intact rock compressive experiments include some
observation techniques, such as acoustic emission (AE) [1] and computerized
tomography (CT) scan [2, 3] cannot fully explain the detailed cracking processes. To
better illustrate the fundamental cracking processes involved, the pre-cracked samples
under compression have been extensively and experimentally studied on different
natural rocks [4, 5] and rock-like materials [6, 7].

Through the physical experimental studies, some researcher summarized the modes
of coalescences of micro-cracks. Wong [8] classified the coalescence pattern into nine
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categories, which pertained to three main modes of crack coalescence: (1) shear crack
coalescence, (2) mixed shear/tensile crack coalescence and (3) wing tensile crack
coalescence. Bobet and Einstein [9] proposed five coalescence categories in the uni-
axial compressive test and two additional coalescence categories in the biaxial com-
pressive test. Sagong and Bobet [10] classified the crack types into tensile crack,
quasi-coplanar shear crack and oblique shear crack. Nine coalescence categories were
classified by Wong and Einstein [11] based on the basis of the various combinations of
these cracks, and seven crack types based on the crack nature(tensile/shear) and crack
trajectories were classified by Wong and Einstein [12].

In addition to the physical experimental studies, the discrete element method
(DEM) has come up as a powerful tool for exploring the mechanical behavior of intact
and jointed rock masses at both laboratory-scales and field-scales. a new discrete ele-
ment simulation method, called the synthetic rock mass (SRM) approach, has been
developed by Mas Ivars [13] for the more realistic simulation of jointed rock masses. In
this approach, intact rock was represented by BPM, in which the major advantage was
replacing the complex empirical constitutive behavior by simple particle contact logic.
For the superiority, BPM has been extensively applied for rock failure analysis for the
past decade [14–16]. The pre-existing cracks were represented by SJM, which simulated
the behavior of a smooth interface created by a joint plane, reflecting the predominant
influence of joint orientation and inclination on the joint and hence the whole rock mass
behavior by neglecting the local particle contact geometry surrounding the joint plane.

The structure of this paper is as follows. In Sect. 2, the methodology of the paper
about the conception of the BPM and SJM are listed. In Sect. 3, the background and
related calibration work of the BPM by the pure rock of the marble were studied. In
Sect. 4, the behavior of rock containing one flaw is studied, containing two kinds of
test. The one is the BPM containing different dip angle flaw, the second is the BPM
containing different flaw length. In Sect. 5, discusses the key finding of the present
numerical study, and make a conclusion to end of the paper.

2 Methodology

2.1 BPM (Parallel Bond Model)

The Particle Flow Code in three dimensions (PFC3D, [17]) is a discrete element code
that represents a rock mass as an assemblage of spheres connected by planar walls.
The BPM represents the rock as rigid circular (2D) or spherical (3D) particles (grains)
bonded together at their contacts by parallel bonds(cement). The calibration process
involves the trial-and-error adjustment of the following micro-parameters until the
model prediction matches the measured response of marble samples. In the present
numerical study, specimens are loaded under uniaxial vertical compression in a dis-
placement controlled manner. In other words, the loading platens are moving toward
each other at a constant velocity. A sufficiently low load of 0.08 m/s (time step is about
4.24 � 10−8 s for the model) is applied to ensure that the specimen remains in a
quasi-static equilibrium throughout the test. It takes approximately 140,000 steps to
load one specimen to complete failure.
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2.2 SJM (Smooth Joint Model)

In this paper, flaws are created by SJM, which is a more reasonable expression to
represent flaws. In 3D SJM, a flaw plane is assumed to have a circular shape and its
geometry is fully defined by three parameters, namely, dip angle, dip direction and flaw
lengths. In this paper, a single pre-existing flaw is represented by inclination angle b
(same as dip angle), flaw length L, not considered dip direction (equal to 0), the sketch
of sample is shown in Fig. 1a. The SRM sample containing one flaw is shown in
Fig. 1b, the particle is expressed in yellow ball, the flaw plane is represented in red
disk, and the smooth joint contact is represented in black disk.

2.3 Micro-crack

In the BPM, a micro-crack formed when the parallel bond between adjacent parent
particles was broken. The number and location of potential micro-cracks was limited by
the number and location of the bonds in the initial specimen. Each micro-crack was
assumed to be a cylinder whose axis lied along the line joining the two parent particles.
The tensile crack was shown as a red cylinder and the shear crack was shown as a black
cylinder. The geometry and location of the cylinder were fully described by the
thickness, radius, unit-normal, and centroid location. The thickness equaled the gap
between the two parent particles. The radius was given by the intersection of the
cylinder bisection plane, with a membrane stretched tightly between the two parent
particles. The unit-normal was directed along the line joining the centers of the two
parent particles. And the centroid lied along the line between the centers of the two
parent particles and bisected the gap between the two parent particles.

3 Behavior of Pure Rock

In the current study, the BPM was constructed and calibrated against the laboratory test
results of marble samples extracted from the site of Jinping II hydropower station
located at Yalong River of Sichuan, China [18]. The BPM model had a dimension of

Fig. 1. (a) Sketch of SRM containing one flaw, (b) sample of SRM.
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50 � 50 � 100 mm3, which was the same size as that of the real marble sample. I used
a cubic model to prepare for future large-scale discrete fracture model. The discrete
fracture model contains several groups of fractures, and the rock mass volume was
large. The macro-properties of Jinping marble used for model calibration included
Young’s modulus E, unconfined compressive strength and Poisson’s ratio. This
parametric study yielded a set of best-fit parameters as listed in Table 1, which resulted
in the best predictions of the laboratory measured macro-properties of Jinping marble
samples from uniaxial compression tests, as listed in Table 2.

The corresponding stress-strain relationship from the simulation was also compared
with the laboratory measurement in Fig. 2a, with the shear strain distribution within the
sample after its failure shown in Fig. 2b. It is seen in Fig. 2 that the stress-strain curve
resulting from the best-fit parameters matched the experimental curve very well,
accompanied by a clear shear band cutting through the sample.

Table 1. The micro-parameters of BPM numerical model

Particle parameters Parallel bond
parameters

Ec 35 GPa �Ec 35 GPa

ks=kn 0.4 �kn=�ks 0.4

l 0.5 �rc 124e6 ± 24.8e6
Rmax=Rmin 1.66 �sc 124e6 ± 24.8e6
Rmin 1 mm �k 1.0

Table 2. Comparison of material properties of physical experiment and numerical study

Physical experiment BPM

Yong’s modulus, E(GPa) 31.6 33.1
Poisson’s ratio, c 0.5 0.42
Uniaxial compression strength, UCS(MPa) 140 136.8

Fig. 2. (a) UC test of best match, and (b) shear strain location of SJ model.
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Extract the position of the micro-crack of the failure stage, and do the principal
component analysis, the first principal component of the vector is shown in Fig. 3, then
match the fracture angle is 64.22°. And the Elastic mechanical calculation value is
a = 45° + w/2 � 56.5°. Finally, the fracture angle is about 60°.

In the next part of this paper, the BPM of Jinping marble with the best-fit
parameters established above will be used for research on the effects of pre-existing
joints on the rock mass behavior.

4 Behaviours of Rock Containing Single Flaw

4.1 Effects of Dip Angle

In the present numerical research, there are five different SRM specimens containing
differently oriented single flaw of b equal to 0°, 30°, 45°, 60° and 90°, with the flaw
length fixed in the 40 mm. The stress-strain curve of five samples in the unaxial
compression test and the relationship between inclination angle and axial stress are
shown in Fig. 4. It can be seen that the inclination angle has an influence on the
mechanics behavior of samples. The sample containing the inclination angle b of 90°
has the biggest peak strength, while the sample containing the inclination angle b of
45° has the smallest peak strength. Figure 4b showed that, the rock strength is high

Fig. 3. Micro-crack distribution and the determination of the fracture angle

Fig. 4. (a) Stress-strain curve of SRM with different inclination angle under uniaxial
compression test; (b) The relationship between inclination angle and the axial stress.

246 D. Huang and X. Li



when the dip angle is 90° or 0°, which is similar to the intact rock. The rock strength is
low when the dip angle is 30° or 45°.

According to the distribution of micro-cracks, the failure process of rock was the
main cracks appearing, the secondary cracks appearing, and the failure. So the devel-
opment process of micro-cracks was divided into two stages, the first stage was the main
cracks appearing, the second stage was the secondary cracks appearing and failure. The
model of dip angle increasing from 15° to 60° were chosen. In the first stage, the
distribution of micro-crack of different model is shown in the Fig. 5 a, b, c, d represent
the dip angle is increases from 15° to 60°. When the dip angle is 15°, 30°, 45°, the
micro-cracks are along the joint point initiation, extending in the direction of principal
stress. When the dip angle is 60°, the micro-cracks are along the joint point of crack
initiation and extension in the direction of joint.

The shear stresses of the different models in the first stage are shown in the Fig. 6.
When the dip angle is 15°, 30°, 45°, micro crack is initiate from the tip of the joint and
extends to the main stress direction, and the biggest shear value appeared in the side of
the micro-crack close to the model boundary. When the dip angle is 45°, micro-crack is
initiation from the tip of the joint and extend to the joint direction, and the biggest shear
value appeared in the extension of the joint plane.

Fig. 5. The first stage of micro crack development of different model

Fig. 6. The shear stress of different model in the first stage
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In the second stage, the distribution of micro-crack of different model is shown in
the Fig. 7, a, b, c, d represents the dip angle increasing from 15° to 60°. It can be seen,
when the dip angle is 15°, the micro-crack is performance for split and break. When the
dip angle is 30°, 45°, 60°, the evolution of micro-crack has two trends. The first is
micro-crack extending along the joint direction on the both sides, and the second is
wing crack obviously, which is perpendicular to the joint direction.

The shear stress of the different model in the second stage are shown in the Fig. 8.
In the Fig. 8, when the dip angle is 15°, the failure mode is split and break, and the
biggest shear value appeared in another direction of the split failure. When the dip
angle is 30°, micro-crack is wing crack, and the biggest shear value is appeared in the
undamaged areas. When the dip angle is 45° and 60° respectively, micro-crack extend
from the joint plane and wing crack, and the biggest shear value appeared in the
extension of the joint plane.

4.2 Effects of Flaw Length

In the present numerical study, there are six different SRM specimens containing
differently single flaw L equal to 10 mm, 20 mm, 30 mm, 40 mm, 60 mm and 80 mm.

Fig. 7. The second stage of micro-crack development of different model

Fig. 8. The second stage of micro-crack development of different model
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Geometry of flaws are definite by flaw inclination angle b ¼ 60�, flaw length L and
center point. The inclination angle is a fixed value for suitable analysis, but it’s just a
little bit better, and other angles can draw a similar conclusion. The stress-strain curve
of six samples in the unaxial compression test and the relationship between the flaw
length and axial stress is shown in Fig. 9. When the flaw length was less than 30 mm,
the peak strength were high and near the intact sample; When the flaw length was more
than 30 mm, the peak strength were declined obviously; When the flaw length was
80 mm, the flaw were through the whole sample, the peak strength were very low and
there was little capability.

In the first stage, the distribution of micro-crack of different model is shown in the
Fig. 10, a, b, c represent the dip lengths of 10 mm, 30 mm, 80 mm. It can be seen,
when the dip length was 10 mm, the micro-cracks are dispersion. When the dip length
was 30 mm, the micro cracks appeared along the joint plane. When the dip length was
80 mm, the joint was through, the micro cracks appeared in the end of the joint plane.

Fig. 9. (a) Stress-strain curves at SRM with different flaw length under Uniaxial compression
test; (b)The relationship between flaw length and axial stress.

Fig. 10. The first stage of micro-crack development of different model
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The shear stresses of different models in the first stage are shown in the Fig. 11. It
can be seen, when the dip length was 10 mm, the biggest shear value appeared in the
joint tip and extended to the main stress direction and the joint extension direction.
When the dip length was 30 mm, the lowest shear value appeared in the joint tip were
extended to the main stress direction, the biggest shear value appeared in the side of the
micro-crack close to the model boundary. When the dip length was 80 mm, the stress
value was lower than that of other models, and the biggest shear value appeared in the
joint boundary.

In the second stage, the distribution of micro-crack of different model is shown in
the Fig. 12, a, b, c represents the dip length of 10 mm, 30 mm,60 mm. It can be seen,
when the dip length is 10 mm, the fracture band was not obvious. When the dip length
was 30 mm, the micro-cracks extended to the direction of the main stress direction.
When the dip length is 80 mm, the micro-cracks appeared in the tip of the joint and
followed the joint plane.

The shear stresses of the different models in the second stage are shown in the
Fig. 13.When the joint length is 10 mm, the second stage of the micro-crack formed in
the fracture zone, where the most concentrated area was still the joint plane direction.
When the joint length was 30 mm and 80 mm, the biggest shear value is similar to the
first stage, but the number was lower than the first stage.

Fig. 11. The shear stress of different model in the first stage

Fig. 12. The second stage of micro-crack development of different model
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5 Discussion

One of the main objectives of all these tests was to observe and characterize the cracks
emanating from the flaws. The processes of failure of rock was the flaw slippage, wing
crack initiation, secondary crack initiation, crack coalescence, and then failure. Com-
bining with micro-crack evolution rule and shear stress distribution, it can be found: the
area of micro-cracks appear, shear stress was small. The first stage the micro progress of
the test was the stress concentration, and the second stage was the micro-cracks appears,
and the third stage was stress reduced to zero at the position of the micro-cracks, and the
fourth stage was the stress redistributed. The micro cycle was finished, the next cycle
was carried out. So there were couple effect between micro-crack appear and stress
concentration.

According to the distribution of the micro-crack and the shear stress, there were
four main modes of crack coalescence: (1) wing tensile crack coalescence, such as the
model with inclination angle of 30°and 45°, (2) splitting shear crack coalescence, such
as the model with inclination angle of 15°, (3) micro-crack scattered through such as
the model with flaw length of 10 mm and (4) slip tensile/shear crack coalescence, such
as the model with flaw length of 60 mm, which represented the fracture morphology
affecting the penetration of rocks. And the quantitative relationship between the frac-
ture morphology and the crack coalescence can be summarized through the future
study.

6 Conclusions

This paper presents a PFC numerical simulation study based on the smooth joint model
approach to model the cracking processes from a pre-existing flaw under a uniaxial
compressive stress field. The cracking process and stress distribution during the uni-
axial compressive test of the two kinds of marble was analyze in the paper.

(1) The pure rock has the fracture plane angle, which is between 40° and 48° in the
DEM simulation. For the model with one joint, the joint dip angle has changed the
fracture plane of the model. When the joint length is more than 30 mm, the

Fig. 13. The second stage of micro-crack development of different model
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fracture plane angle is close to dip angle, and the other is close to the pure rock
fracture plane angle.

(2) The dip angle has a big influence on the failure of the rock, especially the failure
pattern of the rock. In the uniaxial compression test of the model with different dip
angle, the micro-crack is divided into two stages, which has a similar
characteristic.

(3) The dip length has a big influence on the failure of the rock, when the dip length is
less than 30 mm, the micro-crack is dispersion similar to the intact rock. When the
dip length is more than 30 mm, the longer the joint is, the lower the strength is,
and the micro-cracks are lies on the extension of the joint plane. The micro-crack
is also divided into two stages, which has a similar characteristic.
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Abstract. The Rock salt is the optimal surrounding rock of underground energy
storage, so its damage is directly related to the impermeability and stability of the
storage. In this study, CT scanning technique was used to analyze the micro-
scopic damage characteristics of rock salt, which damaged under the
three-dimensional stress state. The distribution and evolution characteristics of
porosity, crack area, crack volume and crack quantity of damaged rock salt under
different confining pressures were obtained. The results revealed the confining
pressure effect of the mesoscopic damage of rock salt. With the increase of
confining pressure, the quantity and size of cracks in rock salt gradually
decreased. The confining pressure of 10 MPa is the turning point where the
porosity decreased from fast to slow and the failure characteristics of rock salt
changed from the apparent shear failure surface to the surface micro cracks.

Keywords: Rock salt � CT scanning � Microscopic damage
Confining pressure effect

1 Introduction

Rock salt is the optimal surrounding rock of underground energy storage, so its damage
is directly related to the sealing and stability of the storage. Stormont et al. studied the
internal damage characteristics of rock salt under the seepage state [1–3]. Hou and Lux
[4] established a Hou/Lux model which could be used for the study of rock salt damage
and damage recovery. Schulze [2] analyzed the damage evolution characteristics of
rock salt during its deformation process under the stress-seepage coupling condition. In
addition, Methods of Acoustic emission [5], unloading modulus [6] and microscopic
statistics [7] were also applied in the study of rock salt damage characteristics and lots
of valuable results have been achieved.

Compared with the conventional research methods of damage, such as the acoustic
emission and ultrasonic wave tests, CT scanning is a more intuitive method to show the
internal damage characteristics of rocks [8]. For rock salt, Zhou et al. [9] and Liu et al.
[10] analyzed the characteristics of microscopic cracks and density damage and Liu et al.
[11] studied the corrosion damage of salt rock through CT scanning. Teles et al. [12]
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proposed a method to quantify the rock porosity based on the CT scanning. Thiemeyer
[13–15] utilized the grayscale of CT images to realize the visualization and quantifi-
cation of the pores in rock salt, and revealed the deformation mechanism of rock salt
from the microscopic view. However, the damage characteristics of rock salt are
influenced by lots of factors, such as the stress states, environmental conditions and
impurity content. There are few studies on the influence of these factors on the
microscopic damage characteristics of rock salt.

The confining pressure has a great influence on the mechanical and damage
characteristics of rock salt [7, 16, 17]. Therefore, in this study, CT scanning technique
was used to analyze the microscopic damage characteristics of rock salt, which dam-
aged under the three-dimensional stress state. Based on the CT images, the statistical
method was adopted to analyze the quantity and distribution of pores and cracks, and to
reveal the confining pressure effect of microscopic damage of rock salt.

2 Test Method

The rock salt sample was pure rock salt which removed the influence of impurities on
the damage characteristics. The sample was reprocessed into U50 mm � H100 mm
cylinders according to a standard for engineering rock testing methods in the lab (The
Professional Standards Compilation Group of People’s Republic of China [18]). Then,
the triaxial compression tests were carried out on these rock salt specimens under the
different confining pressures of 3 MPa, 5 MPa, 10 MPa, 15 MPa and 20 MPa by the
THMC rock triaxial test system of Sichuan University, and the damaged rock salt
specimens were obtained (Fig. 1). The triaxial strengths of rock salt based on the
logarithmic strain model under the confining pressure of 3 MPa, 5 MPa, 10 MPa,
15 MPa and 20 MPa were 53 MPa, 61 MPa, 73 MPa, 80 MPa and 86 MPa, respec-
tively. The triaxial strength of rock salt increased with the increase of the confining
pressure.

These damaged rock salt specimens were scanned through the GE Phoenix v|tome|x
m300 scanning system, which adopts the surface array scan form with the maximum
detection range of 400 mm � 400 mm. The CT images were analyzed through the VG

Triaxial tests

Damaged rock salt

Fig. 1. Rock salt specimen figure
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Studio MAX. In order to avoid the influence of the end effect on the damage char-
acteristics, take the middle part of the specimen for section analysis and body analysis,
as shown in Fig. 2.

3 Results and Analysis

3.1 Failure Feature

Rock salt is the optimal Based on the CT images of damaged rock salt specimens under
different confining pressures, the axial section images and 3D images showed the dis-
tribution and features of the microscopic damage in the specimens (Fig. 3). When the
rock salt specimen was constrained by the low confining pressure of 3 MPa (Fig. 3a),
there were a large number of micro-cracks and a visible shear failure surface in the
specimen. The rock salt under the confining pressure of 3 MPa exhibited the significant
shear failures. In contrast, the damaged rock salt under the confining pressure of 10 MPa
and 20 MPa had no obvious failure surfaces, which contained more spherical pores
(Fig. 3b and c). As shown in the CT images, the confining pressure had a great influence
on the development of cracks in the specimen. The confining pressure of 10 MPa is a
turning point where the development of cracks and the failure feature of the salt rock
changed significantly.

3.2 Microscopic Damage on Lateral Section

Rock salt is the optimal Based on the selection method of lateral sections in Fig. 2, the
lateral sections CT images of damaged rock salt under different confining pressures were
obtained. The specimens were homogeneous pure rock salt with the similar density, so
the mesoscopic characteristics of the different specimens can reflect the confining
pressure effect on the mesoscopic damage of rock salt. As shown in the CT images of
section1 in Fig. 4, The quantity of cracks on the lateral section decreased as the con-
fining pressure increased. When the confining pressures were 3 MPa and 5 MPa, there
were several long cracks that surrounded by many small cracks. The cracks in the rock
salt under the confining pressure of 3 MPa developed gradually during the deformation

(a) Lateral section                              (b) Axial section

Fig. 2. Sections for analysis
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process and connected to a main fracture. With the increase of the confining pressure,
there were no main fractures on the lateral section but the cracks with a complicated
distribution under the confining pressure of 5 MPa. When the confining pressure
increased to 10 MPa, the quantity and scale of cracks on the lateral section were sig-
nificantly reduced (Fig. 4c), the CT images of cracks under the confining pressure of
15 MPa and 20 MPa showed the same characteristics as well. Therefore, the confining
pressure has a significant effect on the germination and the radial expansion of cracks in
the rock salt based on the mesoscopic damage characteristics on the lateral sections of
rock salt, which causes the differences of rock salt deformation and failure under dif-
ferent confining pressures.

The change of the crack quantity and volume in the rock salt can be represented by
the change of the porosity. In general, the porosity of the rock specimen can be
calculated by the pore volume and the specimen volume

(a) 3MPa

(b) 10MPa

(c) 20MPa

Fig. 3. CT images of rock salt failure features
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P ¼ Vx

V
� 100% ð1Þ

Where P is the porosity, Vx is the pore volume and V is the specimen volume.
In extreme cases, the volume of the specimen can be converted to the area mul-

tiplied by the height, so the porosity on the section can be calculated as

P ¼ Sx
S

� 100% ð2Þ

Where P is the porosity, Sx is the pore area and S is the section area.
Based on the statistical Analysis of the cracks area on the sections through VG

Studio MAX Data Analysis Software and the Eq. (2), the porosity on all lateral sections
of rock salt specimens under different confining pressures were obtained (Fig. 5). As
shown in Fig. 5, there were differences of the porosity among the different lateral
sections under the same confining pressure, but the differences decreased gradually
with the confining pressure increasing. The porosity of different rock salt specimens
decreased with the increase of the confining pressure, and the relationship between the
porosity on lateral sections and the confining pressure can be expressed by an expo-
nential function

(a) 3MPa (b) 5MPa (c) 10MPa 

(d) 15MPa (e) 20MPa

Fig. 4. CT images of lateral section1
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P ¼ AeBr3 ð3Þ

Where P is the porosity on the lateral section, r3 is the confining pressure, A and B
are the relationship coefficients.

3.3 Microscopic Damage on Axial Section

Based on the selection method of axial sections in Fig. 2, the axial sections CT images
of damaged rock salt under different confining pressures were obtained. Figure 6
showed the CT images on the axial section 6, in which the largest crack (Fig. 6b) in the
upper section of the specimen under the confining pressure of 5 MPa was artificially
caused after the triaxial compression test, so it is not considered. With the increase of
the confining pressure, the quantity and scale of the crack on the axial section
decreased, which were consistent with the mesoscopic damage characteristics on the
lateral sections. There was a main through crack which was surrounded by many small
cracks with the band-like distribution on the axial section of the specimen under the
confining pressure of 3 MPa, but for the specimen under the confining pressure of
5 MPa, there was no an obvious through crack but a crack dense zone on the axial
section (Fig. 6b). When the confining pressure is 10 MPa, the quantity and scale of
cracks on the axial section decreased significantly, and the cracks distribution was
scattered without the dense area and band-like characteristics (Fig. 6c). With the
increase of the confining pressure, the cracks on the axial sections showed a homo-
geneous distribution with small pores (Fig. 6d and e). From the above, with the con-
fining pressure increasing, the mesoscopic damage characteristics on the axial sections
changed from the dense distribution of band-like cracks to the homogeneous distri-
bution of pore-like cracks, and the confining pressure of 10 MPa is the turning point.

Based on the statistical Analysis of the cracks area on the axial sections and the
Eq. (2), the porosities on the axial sections under different confining pressures were
obtained. As shown in Fig. 7, the porosity on the axial sections decreased exponen-
tially on the whole with the increase of the confining pressure. The porosities on the
different sections showed obvious differences when the confining pressures were
3 MPa and 5 MPa, and that was caused by the main through crack and the dense
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distribution of cracks. With the confining pressure increasing, the distribution of cracks
in rock salt tended to be homogeneous, so the differences of the porosity on the sections
decreased.

3.4 Whole Microscopic Damage

Based on the above analysis of the microscopic damage characteristics on the sections,
the confining pressure has a significant effect on the initiation and propagation of cracks
in the rock salt. Because the CT images of sections can only reflect the distribution
characteristics of the microscopic damage on a certain plane in rock salt, the statistical
analysis of the total number and volume of cracks in the rock salt specimen were
carried out to investigate the distribution characteristics of the damage in the whole

(a) 3MPa (b) 5MPa (c) 10MPa

(d) 15MPa (e) 20MPa

Crack dense
zone

Fig. 6. CT images of axial section6
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specimen. The variation law of porosity of rock salt with the confining pressure was
obtained, as shown in Fig. 8. For the porosity of the whole rock salt specimen, the
porosity decreased exponentially with the increase of confining pressure. When the
confining pressure was less than 10 MPa, the porosity increased sharply with the
increase of confining pressure. With the confining pressure increasing to exceed
10 MPa, the porosity decline gradually tended to be gentle. It indicates that the porosity
of rock salt has a significant sensitivity to the change of the confining pressure under
low confining pressures, and the confining pressure of 10 MPa is the turning point
where the porosity decline changed from fast to slow.

4 Conclusions

CT images of rock salt which damaged under the three-dimensional stress state were
analyzed to obtain the microscopic damage characteristics of rock salt and reveal the
confining pressure effect on rock salt damage. The results show that the confining
pressure has a significant effect on the quantity and distribution of cracks in rock salt
and the porosity. With the increase of confining pressure, the quantity and scale of
cracks in rock salt gradually decrease, and the porosity decreases exponentially as well.
The confining pressure of 10 MPa is the turning point where the porosity decreased
from fast to slow and the failure characteristics of rock salt changed from the apparent
shear failure surface to the surface micro cracks.
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Abstract. To improve our understanding of the shear behavior of rock joints
under constant normal stiffness (CNS) boundary condition, 48 groups of shear
tests on plaster specimens replicated from three rough rock joints were con-
ducted. The effects of joint roughness, normal stiffness, and initial normal stress
on mechanical characteristics of joints were studied comprehensively. Test
results indicate that compared to constant normal load (CNL) condition, CNS
condition is more reasonable to describe the shear behavior of rock joints in
underground engineering. The existence of normal stiffness restrains joint
dilation, and this constraint effect is strengthened with the increase of normal
stiffness. The shear strength increase with the increase of joint roughness and
initial normal stress, while the influence of normal stiffness to shear strength is
more obvious with the improvement of initial normal stress and the roughness of
joint. Meanwhile, three typical shear curves were proposed under CNS
boundary condition where both the strain softening and strain hardening
behaviors are shown depending on the ratio of initial normal stress to normal
stiffness. Moreover, 0.625 of rn0=kn is a critical value for plaster mixture used in
this study, there will certain be phenomenon of stress hardening when the value
of rn0=kn is lower than 0.625, and whether the phenomenon of stress hardening
exists depends on the roughness and other conditions when the value of rn0=kn
is 0.625.

Keywords: Rock joint � Constant normal stiffness � Joint roughness
Initial normal stress

1 Introduction

Mechanical behaviors of rock masses are significantly affected by the presence of
joints. Therefore, accurate evaluation of the shear strength of rock joints plays an
important role in the design of rock structures in jointed rock masses such as stability
analysis of rock slopes, deep underground openings, and risk assessment of under-
ground waste disposal.
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Conventionally, the shear behaviors of rock joints are investigated in the laboratory
under constant normal load (CNL) boundary condition where the normal stress acting
on the joint surface remains constant during shearing. Under the CNL condition, the
deformation of surrounding rock mass is supposed to occur sufficiently during the
shearing process. For example, the rock block slides down a slope where the normal
stress remains unchanged because of the free surface. However, in confined environ-
ments, as in underground mining operations, rock deformation may be constrained. In
such a case, the CNL condition is unrealistic in determining the shear behavior.
Shrivastava et al. (2013) indicated shear testing under the CNL boundary condition was
only beneficial for non-reinforced rock slopes or planar rock joints. However, in sta-
bility analysis and evaluation of roadway top, calculation of side resistance of rock
socketed pile and stability analysis of potential dumping damaged joint layer, the
stiffness of the surrounding rock mass has significant effects on the shear behavior. This
particular mode of shearing is known as shearing under the CNS boundary conditions;
the importance of this condition in accurately simulating rock joint shear behavior has
been described by many researchers (Heuze et al. 1979; Anno et al. 1984; Johnston
et al. 1987; Skinas et al. 1990; Indraratna et al. 1998; Jiang et al. 2004; Mirzaghorbanali
et al. 2014). In underground construction, the structure is always in a certain sur-
rounding rock, the dilatation of the shear surface was confined in the shear process, and
the boundary condition is closer to the normal stiffness (CNS) boundary condition. The
shear behaviors of rock joints under CNS boundary condition were experimentally
investigated in the past decades. Indraratna et al. (1997) investigated the mechanical
behaviors of rock joints and infilled rock joints with regular triangular asperities under
CNL and CNS conditions, and Shrivastava et al. (2015) employed modelled rock joints
with different asperity angle to investigate the effect of boundary conditions and the
roughness of joints on shear behaviors, but the regular triangular asperities were not
appropriate for representing the surface topography of real rock joints. Jiang et al.
(2006) reported that the normal stiffness has a significant influence on the mechanical
behavior of joints during the shear process. Lee et al. (2014) studied the effect of initial
normal stress and roughness of joints on the shear behavior of rock joints. However, the
effects of roughness, initial normal stiffness and normal stiffness on shear behaviors
were usually investigated independently, and the corporate influence of these factors to
shear behavior of rock joints are supposed to be further investigated.

The objective of the present study is to explore the difference of the mechanical
behaviors of rock joints under the CNS and CNL boundary conditions. Moreover, the
effects of joint roughness, normal stiffness, and initial normal stress on mechanical
characteristics of rock joints were studied comprehensively. Typical shear curves were
divided into three categories under CNS condition according to the test results, and the
normal stiffness and initial normal stress were linked together to further study the shear
behavior of rock joints under CNS condition in this work. The results contribute to an
improved understanding of the shear behavior of rock joints under the CNS boundary
condition.
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2 Experiment

2.1 Testing Equipment

Two typical practical engineering cases under different boundary conditions are shown
in Fig. 1. Achieving normal stiffness is a problem for the shear tests of rock joints
under the CNS boundary condition, and it is usually simulated by a spring with a
constant stiffness in several studies (Johnston et al. 1987; Ohnishi et al. 1990). These
studies simulated the effect of the normal stiffness during the shear process to a certain
extent. However, the joint surfaces were easily damaged when k was extremely strong.
The main problem with this method is that springs should be changed according to the
stiffness conditions of the experiment.

In this study, a new system for direct shear and coupled shear-flow test under the
different boundary conditions was developed to study the shear behaviors of rock joints
under the CNS boundary condition. In this system, the computer receives a signal of
normal displacement monitored by displacement sensors and sends a signal to control
the normal load acting on the sample through a servo motor. The basic principle of the
shear test under the CNS boundary is shown in Fig. 2. The calculation of normal load
is based on the following value of stiffness set in control software:

DPn ¼ knDdn ð1Þ

Pn tþDtð Þ ¼ Pn þDPn; ð2Þ

where DPn and Ddn are the changes in normal load and normal displacement.

N=constant, k=0                     N=constant, k≠0 
F-Shear load N-Initial normal load k-Rock stiffness

Fig. 1. Simulation of different boundary conditions in shear test.

Fig. 2. Basic principle of shear test under CNS boundary condition
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2.2 Specimen Preparation

JRC has been used to characterize the surface roughness of rock joints in previous
studies and has proved to be a representative characterization method (Jiang et al.
2006). In the present study, a 3D laser machine was used to obtain the joint surface and
the JRCs of profiles with a spacing of 0.5 mm were calculated using the regression
equation between JRC and Z2, as proposed by Tse et al. (1979):

JRC ¼ 32:2þ 32:47 log Z2 ð3Þ

Z2 ¼ 1
Ln

XNp�1

i¼1

ziþ 1 � zið Þ2
xiþ 1 � xið Þ

 !1=2

; ð4Þ

where values (xi; zi) and (xiþ 1; ziþ 1) represent the adjacent digitized coordinates of the
profile separated by the sampling interval, Np is the number of digitized points along
the profile, and Ln is the nominal length of the digitized joint profile. The estimated
JRC values of RJ1, RJ2, and RJ3 were 6 to 8, 10 to 12, and 14 to 16, respectively.

Three rock-joint moulds made of silica gel with various degrees of roughness were
replicated from split-granite joints through the Brazil splitting method, as shown in
Fig. 3.

As plaster is universally available and easily moulded into any shape when mixed
with water, it was adopted as the material for making artificial rock joints. The standard
specimen was made by mixing plaster and water at a weight ratio of 1:0.28. The
mixture was cured at room temperature (20 °C) for 7 days before testing. The
mechanical properties of the specimens are shown in Table 1.

RJ1 RJ3 RJ2

Fig. 3. Three rock-joint moulds made of silica gel

Table 1. Mechanical properties of specimens used in this study

Tensile
strength/MPa

Compressive
strength/MPa

Young’s
modulus/GPa

Basic friction
angle/°

1.26 ± 0.10 24.53 ± 2.07 6.00 ± 0.54 38.03 ± 2.94
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In this test, all specimens were 100 mm in width, 200 mm in length, and 100 mm
in height. A shear displacement rate of 0.50 mm/min was applied for all the tests. The
initial normal stresses were set to 1, 2, 3, and 4 MPa and the stiffness was set to 1.6,
3.2, and 4.8 GPa/m based on Eq. (5), as proposed by Skinas et al. (1990). The
experimental cases are summarized in Table 2, in which the CNL boundary condition
is identical to zero stiffness.

kn ¼ Er � L
2c 1� m2ð Þ ; ð5Þ

where kn is the boundary normal stiffness of rock mass, Er is Young’s modulus of rock
mass, L is the length of a rectangular jointed block, m is Poisson’s ratio, and c is a
constant.

3 Test Results and Discussion

3.1 Comparison of Shear Behaviors of Joints Under CNL and CNS
Boundary Conditions

RJ3 specimen described in the previous section and the normal stiffness of the
3.2 GPa/m for the CNS condition is illustrated in Fig. 4. Figure 4(a) shows the rela-
tionship between shear stress and shear displacement under varying initial normal
stress. Obviously, the shear strength and residual strength under the CNS condition are
always higher than those under the CNL condition with the same initial normal stress,
which means that the strength of rock joints is underestimated under the CNL condition
compared to the CNS condition. Designing and constructing a practical engineering
case may be more reasonable under the CNS boundary condition. As shown in Fig. 4
(a), a strain softening behavior is indicated under the CNL boundary condition,
whereas both strain softening and hardening behaviors occurred under the CNS
boundary condition according to normal stiffness.

The results of Fig. 4(b) indicate that the normal stress increases under the CNS
condition and the growth of normal stress tends to be mild during the shear process.
The relationship between normal displacement and shear displacement are shown in
Fig. 4(c). The dilation of joints is confined under the CNS condition because of the
increase of normal stress caused by normal stiffness. As shown in Figs. 4(b) and 4(c),
the normal stress and dilation have the same trend, and the normal stress is reduced
while the dilation decreases due to the breakage of joint asperity.

Table 2. Test cases under CNS boundary condition

Sample Roughness Stiffness (GPa/m) Initial normal stress (MPa) Total groups

RJ1 JRC6–8
RJ2 JRC10–12 0, 1.6, 3.2, 4.8 1, 2, 3, 4 48
RJ3 JRC14–16
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3.2 Shear Behavior of Joints Under CNS Boundary Condition

The shear behavior of rock joints is significantly influenced by joint roughness, normal
stiffness, and initial normal stress. In this section, the effects of joint roughness and
initial normal stress on joint shear characteristics are studied comprehensively.

For example, Fig. 5 shows the shear behavior of rock joints with different rough-
ness under the CNS condition in the case of rn0 ¼ 1MPa and kn ¼ 1:6GPa=m. As
shown in Fig. 5(a), the peak shear strength of rock joints is significantly affected by the
roughness of rock joints, and the shear strength is higher when the roughness increases.

(a) Shear stress vs. shear displacement

(b)Normal stress vs. shear displacement

(c) Normal displacement vs. shear dis-
placement

Fig. 4. Shear behavior of rock joints with
different initial normal stress under CNL and
CNS condition (RJ3, kn ¼ 3:2GPa=m)

(a) Shear stress vs. shear displacement

(b) Normal stress vs. shear displace-
ment

(c) Normal displacement vs. shear 
displacement

Fig. 5. Shear behavior of rock joints with differ-
ent roughness under CNS condition (rn0 ¼
1MPa; kn ¼ 1:6GPa=m)
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The results of Fig. 5(c) indicates that the dilation of rock joints increases with the
increase of roughness, this is attributed to the deformation of asperities. And a large
shear displacement of peak stress is observed when joints are rougher. Meanwhile, the
curve of normal stress in Fig. 5(b) seems to be the same as that in Fig. 5(c) because the
normal stress on the surface of joints depends on the dilation of joints under the CNS
condition and confines the dilation of joints at the same time.

Figure 6 shows the shear behavior of rock joints under different initial normal stress
under the CNS condition in the case of the RJ1 specimen and kn ¼ 1:6GPa=m.

(a) Shear stress vs. shear displacement

(b) Normal stress vs. shear displace-
ment

(c) Normal displacement vs. shear dis-
placement

Fig. 7. Shear behavior of rock joints with
different normal stiffness under CNS condi-
tion (RJ2, rn0 ¼ 2MPa)

(a) Shear stress vs. shear displacement

(b) Normal stress vs. shear displace-
ment

(c) Normal displacement vs shear dis-
placement

Fig. 6. Shear behavior of rock joints with
different initial normal stress under CNS condi-
tion (RJ1, kn ¼ 1:6GPa=m)
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Figure 6(a) shows the relationship between shear stress and shear displacement.
Obviously, the shear stress increases with the increase of initial normal stress. How-
ever, the residual strength shows different characteristics under the CNS condition, the
ratio of shear strength and residual strength decrease as the initial normal stress rises,
which may be related to the ratio of initial normal stress to normal stiffness.
Figures 6(b) and 6(c) show the relationship between normal stress and normal dis-
placement in shear process. The dilation of rock joints exhibits different behaviors
under lower normal stress and higher normal stress, and the dilation continues to grow
under lower normal stress. However, under higher normal stress of 3 and 4 MPa, the
dilation grows in the beginning and decreases in the last stage, which might be due to
the destruction of asperity and compression of the specimen.

3.3 The Effect of Stiffness on Shear Behavior Under CNS Boundary
Conditions

To investigate the effect of stiffness on shear behavior of rock joints under CNS con-
dition. the test result for various stiffness under the CNS condition with initial normal
stress of 2 MPa in RJ2 are plotted in Fig. 7. Figures 7(b) and 7(c) show the behavior of
normal stress and dilation under various stiffness. It is clear that the normal stress
increase with the growth of dilation. The dilation is confined under CNS boundary
condition and this constraint effect is strengthened with the increase of normal stiffness.
With balance between normal stress and dilation, the growth of dilation improves the
normal stress while the increase of normal stress restricts the dilation. Therefore, both
normal stress and dilation begin to grow faster and then level off.

It is clear in Figs. 4(a), 5(a) and 7(a) that the shear stress do not always show an
obvious peak point throughout shear process under CNS boundary condition. The
curve of shear stress shows different forms depending on the initial normal stress,
normal stiffness and roughness. Thus three typical shear curves in Fig. 8 were proposed
under CNS boundary condition according to the test results. The nearly linear stage can
be observed in all the typical curves which can be defined as the first stage of shear
process where shearing of the asperity becomes more predominant than the sliding and
shear stress increases rapidly. In the end of this stage, the shear stress is up to the first

Fig. 8. Three typical shear curve under CNS boundary condition
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peak shear stress when the joint asperity is broken. There can be find completely
different performance for three typical curves in the second stage, the phenomenon of
stress softening can be observed in curve of type III, while both of stress softening and
stress hardening can be observed in curve of type II and only stress hardening in type I.
The sliding of joint surface becomes predominant in this stage due to the nearly broken
of asperity in the first stage, thus the change of normal stress may lead to these different
curves under CNS boundary condition through influencing friction force. While the
increment of normal stress is too larger to cause the increase of the shear stress, then the
curves of type I and type II may appear in shear process as Figs. 7(a) and 7(b).
Obviously, it is difficult to define the shear strength of rock joints for type I and type II,
Shrivastava et al. (2017) defined the maximal shear stress in shear process as shear
strength, while Jiang et al. (2004) defined the point of shear stress with sharp change in
curvature as the shear strength. As mentioned above, the shearing and broken of
asperity is mainly happened in the first stage and the increasing of shear stress in the
second stage is mainly related to low growth of normal stress, thus the peak shear stress
in the first stage are more appropriate to define as in Fig. 8.

As shown in Fig. 8, the phenomenon of stress hardening is observed in shear
curves of type I and type II, and the factors contributed to this are complicated
including normal stiffness, initial normal stress and roughness of rock joints. To deeply
investigate the phenomenon of stress hardening in shear process and consider the
normal stress closely related to this, normal stiffness and initial normal stress are linked
together to further study the stress hardening in this paper. The ratio of sh to sp can be
the basis to judge whether the shear stress-shear displacement curve shows phe-
nomenon of stress hardening where sh is the maximal shear stress in shear process and
sp is the peak shear strength of rock joints under CNS boundary condition and sh is
equal to sp for shear curve of type III, While sh is higher than sp for shear curves of
type I and type II. Table 3 showed the test results under CNS boundary condition, and
it is clear from the Table 3 that 0.625 of rn0=kn is a critical value for the test material in
this study, there will certain be phenomenon of stress hardening when the value of
rn0=kn is lower than 0.625, and that whether the phenomenon of stress hardening exists
depends on the roughness and other conditions when rn0=kn is 0.625. The critical value
of 0.625 is applicable for plaster mixture used in this study, and there may be another
critical value for other material mixture.

Table 3. Test results under CNS boundary condition

Joint
type

rn0
(MPa)

kn
(MPa/mm)

sp
(MPa)

sh
(MPa)

Value of
rn0
kn

sh
sp

Phenomenon of stress

RJ1 1.00 1.60 1.09 1.09 0.625 1.00 Softening
1.00 3.20 1.02 1.77 0.313 1.74 Hardening
1.00 4.80 1.12 2.01 0.208 1.79 Hardening
2.00 1.60 1.80 1.80 1.250 1.00 Softening
2.00 3.20 1.86 1.86 0.625 1.00 Softening
2.00 4.80 1.85 2.31 0.417 1.25 Hardening

(continued)
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It also can be observed from Table 3 that the influence of normal stiffness to shear
strength is more obvious with the improvement of initial normal stress and the
roughness of joint. There is nearly no difference in shear strength for RJ1 and RJ2
when the initial normal stress is 1 MPa and 2 MPa, but the shear strength improves
with the improvement of normal stiffness when the initial normal stress is 3 MPa and
4 MPa for all the joints. Moreover, the effect of normal stiffness on shear strength is
more obviously for RJ3 compared to RJ1. In general, sh is significantly improved when
the value of rn0=kn is smaller.

Table 3. (continued)

Joint
type

rn0
(MPa)

kn
(MPa/mm)

sp
(MPa)

sh
(MPa)

Value of
rn0
kn

sh
sp

Phenomenon of stress

3.00 1.60 2.51 2.51 1.875 1.00 Softening

3.00 3.20 2.48 2.48 0.938 1.00 Softening
3.00 4.80 2.69 3.04 0.625 1.13 Hardening
4.00 1.60 3.30 3.30 2.500 1.00 Softening
4.00 3.20 3.41 3.41 1.250 1.00 Softening
4.00 4.80 3.87 3.87 0.833 1.00 Softening

RJ2 1.00 1.60 1.70 1.70 0.625 1.00 Softening
1.00 3.20 1.67 2.17 0.313 1.30 Hardening
1.00 4.80 1.80 2.70 0.208 1.50 Hardening
2.00 1.60 2.57 2.57 1.250 1.00 Softening
2.00 3.20 2.60 2.67 0.625 1.03 Hardening
2.00 4.80 2.72 3.20 0.417 1.18 Hardening
3.00 1.60 2.86 2.86 1.875 1.00 Softening
3.00 3.20 3.37 3.37 0.938 1.00 Softening
3.00 4.80 3.58 3.58 0.625 1.00 Softening
4.00 1.60 3.89 3.89 2.500 1.00 Softening
4.00 3.20 3.98 3.98 1.250 1.00 Softening
4.00 4.80 4.38 4.38 0.833 1.00 Softening

RJ3 1.00 1.60 1.54 2.01 0.625 1.31 Hardening
1.00 3.20 1.84 2.64 0.313 1.44 Hardening
1.00 4.80 2.23 3.24 0.208 1.45 Hardening
2.00 1.60 2.80 2.80 1.250 1.00 Softening
2.00 3.20 2.62 3.08 0.625 1.18 Hardening
2.00 4.80 2.76 3.55 0.417 1.29 Hardening
3.00 1.60 3.58 3.58 1.875 1.00 Softening
3.00 3.20 3.67 3.67 0.938 1.00 Softening
3.00 4.80 3.97 3.97 0.625 1.00 Softening
4.00 1.60 4.31 4.31 2.500 1.00 Softening
4.00 3.20 4.42 4.42 1.250 1.00 Softening
4.00 4.80 4.63 4.63 0.833 1.00 Softening
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4 Conclusions

The shear behavior of rock joints under the CNS and CNL boundary conditions were
analyzed comparatively. Then, the effects of joint roughness, normal stiffness, and
initial normal stress on the joint shear characteristics were studied comprehensively.
Based on the test results, the following conclusions are presented:

(1) The shear strength and residual strength obtained from the CNS boundary con-
dition is always higher than that from the CNL boundary condition. Therefore, the
strength of rock joints is underestimated under the CNL boundary condition and
CNS boundary condition may be more reasonable for the design and construction
of practical engineering.

(2) The shear behavior of rock joints is significantly influenced by joint roughness,
normal stiffness, and initial normal stress under CNS boundary condition. With
the increase of joint roughness and initial normal stress, the shear strength and
residual strength also increase, while the influence of normal stiffness to shear
strength is more obvious with the improvement of initial normal stress and the
roughness of joint. Moreover, the dilation of rock joints in shear process are
confined under this condition, and this constraint effect is strengthened with the
increase of normal stiffness.

(3) The shear process can be separated into two stages and the peak shear stress in the
first stage are more appropriate to define as peak shear strength sp. Meanwhile,
three typical shear curves were proposed under CNS boundary condition
according to the test results where the strain softening or strain hardening
behaviors are shown depending on the ratio of initial normal stress to normal
stiffness.

(4) The value of rn0=kn is a major factor influence the shear behavior in the second
stage, and 0.625 of rn0=kn is a critical value for plaster mixture used in this study,
there will certain be phenomenon of stress hardening when the value of rn0=kn is
lower than 0.625, and whether the phenomenon of stress hardening exists depends
on the roughness and other conditions when the value of rn0=kn is 0.625.
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Abstract. This paper deals with experimental study of rock failure under
combined tension-shear condition. Combined tension-shear stress state was
achieved using self-developed apparatus. Tension-shear tests were conducted on
brittle granite sample to investigate the characteristics of tension-shear failure.
The failure criterion for whole stress state was obtained, a modified
Mohr-Coulomb criterion, with consideration of tension-shear stress state, was
proposed by analyzing the experimental results. The obtained failure envelope
presents continuous double-lined variation, with relatively steeper slope in
tension-shear zone. To quantitatively characterize failure surfaces under
tension-shear conditions, fractal dimension (FD) was introduced to represent the
roughness of failure surfaces, the technique of scanning electron microscopy
(SEM) and 3D laser scanning technique were utilized to observe failure surfaces
morphology. Analytical results suggested the variation of FD values calculated
from the two methods coincide with each other, and that the roughness of failure
surfaces increase with tensile stress. Different from the situation in compression-
shear stress condition, under combined tension-shear stress condition, when
applying a constant tensile load, the strength decreases with the increment of
shearing rates.

Keywords: Rock failure � Tension-shear � Failure criterion
Experimental study

1 Introduction

In traditional near-surface geological engineering, the yield criterion of geomaterials
often presented on the basis of compression-shear failure type. However, in natural
earth or engineering endeavors, induced tension stresses combined with shear stresses
frequently occurs (e.g., slope failure due to unloading effects, bank slope failure in
anchorage section, roof failure of deep tunnels), and tension-shear failure becomes the
main failure type (Zhou et al. 2016).

Restricted to the difficulty in directly applying tensile load on specimens, research
efforts have mainly been focused on the design of unique-shaped rock specimens and
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innovative mechanical rock testing devices for applying tensile and shear loads
simultaneously. For instance, Ramsey and Chester (2004) used notch-cut
dog-bone-shaped samples of Carrara marbles to investigate hybrid fracture subjected
to tension-shear loadings. Dunand and Mohr (2011) employed a butterfly-shaped
specimen to test sheet stock failure under combined shear and axial loads.
Aimone-Martin et al. (1997) designed a mechanical rock testing device and in use to
study the response of rock to combined tension-shear stress state. Haeri et al. (2016)
developed a device which can convert compression loading to tensile loading for the
determination of tensile strengths with a hole in the middle of specimens. As devices
for various stress states of rock specimens steadily improves, different failure criterions
under the combined tension-shear condition were proposed (e.g., Tekog ̃lu et al. 2012;
Haltom et al. 2013). At microscales, Barsoum and Faleskog (2007) developed a
micromechanical model based on the attainment of a critical value of shear deforma-
tion. Yuan and Xiao (2015) investigated the microscopic damage mechanism and
proposed a multiparameter elastoplastic damage constitutive model considering com-
bined tension-shear condition. Sun et al. (2016) introduced SEM technique to evaluate
the cross-sectional profiles and established a biaxial tension-shear failure envelope of
fiber materials. However, literatures reviews indicate that despite the many experi-
mental studies that concerns materials’ behavior under combined tension-shear con-
ditions, most of them focus on ductile materials (e.g., Guillet 2011; Graham et al.
2012), with less attention focusing on the brittle materials (Ayatollahi and Aliha 2007;
Torabi 2013), let alone those of geomaterials.

In the work presented herein, systematic studies were designed to study failure
mechanism of rock under combined tension-shear conditions. The experiments were
organized as follows: Firstly, an innovative device was developed, which has the
capability to apply either combined tension-shear loads or compression-shear loads on
rock specimens. Then, granite samples were tested using the device. By analyzing the
experimental data, a modified Mohr-Coulomb failure criterion was proposed to depict
failure law for the whole stress state (combined tension-shear stress state and
compression-shear state). Finally, the failure surfaces of granite samples under com-
bined tension-shear condition were quantitatively characterized by SEM and 3D laser
scanning respectively. The results of rock mechanical experiments under combined
tension-shear conditions can be summarized as follows: (a) as a reference, rock
mechanical tests under combined tension-shear condition was performed; (b) the whole
failure envelope of granite was obtained and characterized; (c) the influence of tensile
strengths and shearing rates on the roughness of failure surface was discussed.

2 Experimental Methodology

The combined tension-shear mechanical experiments reported were conducted
employing self-developed DSC-800 electro-hydraulic servo testing system (Fig. 1).
The critical part is a high stiffness main machine of tension-compression and shear
system, it allows for axial loading of specimens along with simultaneous horizontal
shearing. Axial stress is applied using a bidirectional actuator, while shearing force is
applied via the horizontal power system, the rollers mounted between the chamber and
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actuator guarantee the chamber to move horizontally. A series of experimental tests
were carried out under the combined tension-shear conditions for granite samples with
an external size of 100 mm � 100 mm � 100 mm. Specimen was placed in the cubic
chamber and then was glued with the chamber by polyurethane adhesive so that the
tensile force can be applied when the bidirectional actuator moves upward. Figure 2
shows the specimen installed in the chamber. It should be noted the tensile properties of
polyurethane adhesive materials and granites were pre-investigated. Brazilian test
results suggested that the tensile strength of granite samples (50 mm in diameter with
25 mm in height) is averagely 8.95 MPa, which is lower than the bonding strength of
polyurethane adhesive (approximately 20 MPa). Besides, during entire tests no signs of
detachment between the end faces of samples and chamber surface were observed,
proving that the polyurethane adhesive can provide sufficient tensile strength.

The procedure of the combined tension-shear experiment was set to two steps.
Firstly, the tensile load was applied to the target level at a constant rate, then horizontal
load was applied at a constant shearing rate until specimen failure. During the
experimental procedure, all the data including axial stress, shearing stress, and axial
displacement were recorded once every 0.1 s. The sample was enclosed in the

horizontal 
power system

Fig. 1. Photo of experimental devices installed with schematic diagram showing the application
of tensile strength simultaneously with shearing force.

Fig. 2. Illustration of granite samples, chamber and the polyurethane adhesive materials.
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chamber, and the axial loads were applied in sequence. Once the desired axial load was
achieved, the axial stress was kept at constant value and the horizontal shearing force
was set to a constant increasing rate. Because the increment of shearing force was held
at a constant value, a sharp variation of shearing force can be a sign of sample failure.

3 Experimental Results

3.1 Failure Criterion

In the experiments, a series of 15 sequences of tensile loads were applied. The cor-
responding failure shearing forces S, was recorded. The results for mechanical strength
parameters are shown in Table 1. Note that the values are the average values of three
parallel tests.

To obtain the whole failure envelope of granite, experiments under compression-
shear condition were also conducted. The obtained data were then projected into the
Cartesian coordinate, as shown in Fig. 3. It could be observed that under the combined
tension-shear state, the tensile stress and shear stress can be correlated as linear vari-
ation (Fig. 3a). In the compression-shear regime, the failure envelope presents linear
variation as well, yet its slope is smaller than that in the tension-shear regime (see in
Fig. 3b). It is therefore, impracticable to extrapolate the empirical Mohr-Coulomb
failure criteria to the combined tension-shear regime. The results also demonstrate that
when subjected to tension-shear condition, the rock samples are more likely to
breakdown when compared to the situation of compression-shear condition.

Table 1. The applied tension sequence and corresponding failure shearing forces (unit: kN)

T 0 2 4 6 8 10 12 15
S 143.30 140.00 128.56 123.18 109.23 105.60 103.08 92.46
T 20 22 25 28 30 32 35
S 72.86 67.49 60.70 47.78 43.47 34.18 24.16
aT denotes tensile load, S denotes shear force when the specimen failure
under the corresponding tensile load.

Fig. 3. Failure envelope of granite samples.
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3.2 Fracture Surface Characterization

It should be noted that in the experiment, the potential failure surfaces were prede-
termined, so the ultimate failure surfaces were almost along the predetermined surface.
However, under different tensile stress levels, the fracture patterns varied differently. To
characterize these different fracture features under the combined tension-shear condi-
tion, 3D laser scanning technique and SEM technique were utilized. 3D laser scanning
technique depicts the macroscopic topography of the failure surface (Fig. 4), while
SEM characterizes failure surface morphology from microscopic aspect (Fig. 5).

Qualitative observations from Figs. 3 and 4 show that at higher tensile loads, the
failure surfaces seem to be coarser. To quantitatively evaluate the fracture surface
characteristics, fractal dimension (FD) was introduced to depict surface roughness. In
the images obtained by 3D laser scanning, the cubic covering method was used to
calculate the FD. In SEM scanning images, Box-counting method was applied to
calculate the FD. Table 2 lists calculation results of each images. The FD represents the
roughness of failure surface, it is universally acknowledged that the larger the FD
values, the coarser the failure surface. FD values calculated from the two methods
suggested that with the increase of tensile strength, the FD values increases corre-
sponding, indicating that under tension-shear condition, higher tensile stress state
results in coarser failure surface, this is mainly because that with the increase of
external tensile force, the inner frictional force on the potential failure surface
decreases, thus aggravating the concave-convex degree of the failure surface.

a. Tensile load: 10kN  b. Tensile load: 20kN    c. Tensile load: 25kN

d. Tensile load: 30kN      e. Tensile load: 35kN

Fig. 4. Topography of fractures under combined tension-shear state.
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In addition, the variation of FD values with different tensile loads was plotted in
Fig. 6. It can be observed that higher tensile force corresponds to higher FD values, and
the FD values derived from two techniques present similar variation, i.e., with the
increase of tensile strength, the FD values increase respectively.

3.3 Effect of Loading Rate on Rock Strength

The shear strength determined from the experiment is closely related to the shearing
rate. To explore the influence of shearing rate on shear strength under combined

Table 2. Fractal dimension of failure surfaces under different tensile loads.

Tensile
load/kN

Image type Linear fitting results FD Correlation
coefficient

10 3D laser scanning SEM y ¼ 2:1248xþ 6:9588 2.1248 0.9999
y ¼ 1:9145xþ 13:3139 1.9145 0.9971

20 3D laser scanning SEM y ¼ 2:1273xþ 7:3659 2.1273 0.9998
y ¼ 1:9433xþ 13:2925 1.9433 0.9976

25 3D laser scanning SEM y ¼ 2:1544xþ 6:5921 2.1544 0.9999
y ¼ 1:9667xþ 13:2781 1.9667 0.9982

30 3D laser scanning SEM y ¼ 2:1623xþ 7:1852 2.1623 0.9997
y ¼ 1:9699xþ 13:1787 1.9699 0.9982

35 3D laser scanning SEM y ¼ 2:2083xþ 7:2209 2.2083 0.9998
y ¼ 1:9758xþ 13:0658 1.9758 0.9973

a. Tensile load: 10kN    b. Tensile load: 20kN     c. Tensile load: 25kN

d. Tensile load: 30kN      e. Tensile load: 35kN

Fig. 5. SEM scanning images of the fractures.
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tension-shear condition, a constant tensile force (T = 20kN) was applied firstly, then
the horizontal shear force was applied at different rates until samples breakdown. The
shear strengths under different shearing rates was shown in Fig. 7. According to the
testing results, the shear strength of the specimen nearly kept constant when shearing
rate is less than 50 N � s�1. When shearing rate exceeds 50 N � s�1, the shear strength
drop dramatically with the increase of shearing rate. Under combined tension-shearing
condition, the shear strength presents nonlinear inverse correlation with shearing rate,
which is quite different from those under the compression-shear condition.

4 Conclusion

As a special stress state, the mechanical behavior of rocks under combined
tension-shear state is of great concern yet poorly understood. In this article, a series of
mechanical experiments with granite specimens were conducted. The effects of
shearing rate/tensile stress on shear strength were presented. The following conclusions
can be drawn:

Fig. 7. Correlation between shear rate and failure strength.

Fig. 6. Variation of FD values derived from 3D laser scanning and SEM.
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(1) The failure criteria of granite in the whole stress regime can be represented by a
turning line: in the combined tension-shear stress regime, the shear strength varies
negatively with tensile stress. The slope of failure envelope in the combined
tension-shear stress regime is steeper when compared with that in the
compression-shear stress regime, it indicated that the rocks are more likely to fail
under the combined tension-shear condition.

(2) At higher tensile load level, the failure surfaces under combined tension-shear
condition becomes coarser, it was validated by the variation of FD values. In
addition, the calculated FD values from 3D laser scanning and SEM show good
coincidence with each other.
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Abstract. In the complicated environment, such as groundwater and rock-soil
medium, there are some limitations in traditional methods for repairing under-
ground structure. Electrochemical deposition method is a novel method of
repairing cracks of concretes in water environment and it is of great significance
to explore its application in repairing damaged underground structure.
According to the asymmetric characteristics of underground structure, indoor
simulation devices adopting electrochemical deposition method to repair dam-
aged underground structure are proposed and an experimental study on repairing
different parts of damaged underground structure is carried out. Under several
conditions of different solution concentrations, the healing effectiveness in dif-
ferent sizes and positions of underground structure is evaluated using some
evaluation indexes, such as surface coating rate and crack closure rate. Repair
mechanism at the micro scale level is revealed by adopting Xrd method and
SEM. The results indicate that solution concentrations and crack depth distri-
bution affect the healing effectiveness. In conclusion, this experimental study
provides a more reasonable selection of test parameters for subsequent appli-
cation. It is proved that electrochemical deposition method is feasible to repair
damaged underground structure (tunnel structure).

Keywords: Damaged underground structure
Asymmetric electrochemical deposition method � Indoor simulation devices
Crack repair

1 Introduction

Subjected to complex internal and external environment, the degradation of concrete
lining in urban metro tunnels seems inevitable [1]. Before the concrete lining comes into
being, initial damage will generate because of thermal stress produced by hydration
heat, autogenous shrinkage, unsuitable methods of maintenance and installation and so
on. During the service period, the surrounding construction load, additional load caused
by uneven settlement and overground constructions will lead to microcracks connecting
with each other resulting in aggravated damage. Eventually, the concrete segment will
inevitably crack causing a series of problems. In addition, underground structures are
mostly non-removable or irreversible structures. Once damaged, it will be extremely
difficult to replace them. Therefore, it is of great significance to explore an effective
method in repairing damaged underground structure.
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However, there are some limitations in traditional methods of repairing under-
ground structure. Electrochemical deposition method (EDM) is a novel method of
repairing cracks of concretes in water environment taking full advantage of concrete
characteristics and water environment conditions. By applying a certain weak current,
the harmful material (i.e., C1–) is removed, and at the same time the deposits are
produced both on the surface of the concrete and in the cracks to repair them. EDM was
first proposed in 1980s to repair offshore concrete structures by Japanese researchers
[2]; Hilbertz conducted studies on repairing concrete structure using sea water by EDM
[3, 4]. The repair objects can be various, i.e., reinforced concrete with dry shrinkage
cracks [5], onshore concrete structures [6–8], and concrete beams [9]. In addition,
related studies on EDM are conducted by other researchers [10–25].

It should be noted that the previous research on EDM is mainly focused on the level
of materials. The objects are all concrete specimens of onshore or offshore structure and
lacks consideration of the characteristics of underground structure. Therefore, in order
to prove the practicability of EDM in the repair of damaged underground structure, an
experimental study is conducted with indoor simulation devices for repairing different
parts of damaged underground structure. Under several conditions of different solution
concentrations, the healing effectiveness in different sizes and positions of underground
structure is evaluated using several evaluation indexes, such as surface coating rate,
crack closure rate and filling depth of crack. To reveal the repair mechanism at the
micro scale, analysis of mineral compositions of deposits is conducted by Xrd method
and SEM is adopted to analyze the sedimentary morphology.

2 Electrochemical Deposition Test Program

2.1 Raw Material and Mix Proportions

The cement used is Grade-42.5 ordinary Portland cement produced by Huaxin Cement
Group. Fine aggregate is river sand and its fineness modulus is 2.6. Coarse aggregates
with size of 5–15 mm are employed. Mix proportions are listed in Table 1.

2.2 Simulation of Crack Repair of Tunnel Segment at the Bottom
of Tunnel (Experiment One)

Geometric Sizes of Tunnel Segment Specimens
The length, width and height of tunnel segment are 300 mm, 300 mm and 100 mm,
separately. There is a steel framework inside segment with the diameter of steel bar of
8 mm and steel bars are laid out in two dimensions. The steel framework and its

Table 1. Mix proportions of concrete

Dosage per cubic meter (kg)

Water Cement Sand Gravel
175 350 755 1135
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location inside the segment are shown in Fig. 1. The size of transparent storage tank is
a little smaller than that of segment.

Crack Prefabrication
In order to simulate concrete cracking in practical environment, 12 cracks are pre-
fabricated on the upper surface of each segment. The specific distribution and number
of cracks in the specimen are indicated in Fig. 2.

The length and width of each crack are 50 mm and 3 mm, separately. Among 12
cracks, the prefabrication depth of crack 1, 2, 3 and 4 is 10 mm; 5 mm for crack 5, 6, 7
and 8; and 15 mm for crack 9, 10, 11 and 12. The actual size of each crack is slightly
off balance due to uncertain factors of construction.

Repair Environment Settings
Experiment one is made up of two test groups, in which repair solution is ZnSO4

solution, repair current is 0.2 A and the solution concentration is 0.1 mol/L and
0.2 mol/L, respectively.

2.3 Simulation of Crack Repair of Tunnel Segment at the Top
and Side of Tunnel (Experiment Two)

Geometric Sizes of Tunnel Segment Specimens
The specimen is a reduced concrete tunnel segment model in proportion of 1:5. The
length, width and height of tunnel segment are 600 mm, 540 mm and 800 mm,

Fig. 1. Geometric sizes of tunnel segment specimens of experiment one

(a) Experiment one                    (b) Experiment two

Fig. 2. Distribution and number of cracks in specimens of two experiments
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separately. The outer and inner radius is 650 mm and 550 mm respectively. The steel
framework and its location inside the segment can be seen in Fig. 3. The size of
transparent storage tank which has the function of containing repair solution is
designed according to the size of tunnel segment.

Crack Prefabrication
In order to simulate concrete cracking in practical environment, 9 cracks are prefab-
ricated on the lower surface of the test segment. The specific distribution and number of
cracks in the specimen are indicated in Fig. 2. The length of each crack is 60 mm and
the actual width and depth are listed in Table 2. It is remarkable that both crack 2 and 3
are through cracks.

Repair Environment Settings
In experiment two, repair solution is still ZnSO4, the concentration is 0.4 mol/L and
repair current is 0.2 A.

2.4 Simulation Devices and Its Principle Introduction

The difference between these two experiments is that cracks are prefabricated on
different surfaces of test segment which means gravity function is distinct. However,
they have common features in the aspect of experiment principle. In these two
experiments, titanium plates are employed as assisting electrode. The cathode is
composed of the steel framework inside tunnel segment while the anode is formed by
titanium plate immersed in the repair solution. Finally, the steel bar, repair solution,
titanium plate, the wire and the power supply form a complete loop. The device
diagrammatic sketch of these two experiments is indicated in Fig. 4. Compared to
experiment one, the joints between solution storage tank and test specimen are sealed

Fig. 3. Geometric sizes of tunnel segment specimens of experiment two

Table 2. The actual width and depth of the precast concrete cracks of experiment two (mm)

Number 1 2 3 4 5 6 7 8 9

Depth 10.61 84.76 83.87 13.07 10.57 9.46 9.09 14.86 15.87
Width 3.35 2.57 3.16 5.18 3.85 3.97 8.33 5.10 4.31
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with sealant in experiment two in case of leakage of repair solution. After the seal is
done, repair solution is poured through fluid filled tube and thus a certain confining
pressure to the inner surface of the segment is formed by repair solution, using the law
of connected vessels in physics.

Since there are a large amount of ions inside repair solution, conduction of current
can be accomplished by directional movement of ions when the current passes by. The
anions move toward the anode (titanium plate) while the cations move toward the
cathode (steel bar). If the anions and cations are close to the opposite electrode, the
exchange of electrons occurs at the interface between the electrode and the solution.
The cations that migrate to the cathode are combined with OH� and thus form
insoluble sediments.

2.5 Evaluation Methods and Evaluation Indexes

Choosing reliable evaluation methods and evaluation indexes is an essential key to
evaluate the reliability and validity of EDM for crack repair in both laboratory and
engineering [13]. In the aspect of macroscopic performance evaluation, the healing
effectiveness is evaluated using several evaluation indexes, such as surface coating rate,
crack closure rate and filling depth of crack. In the aspect of micro-analysis, Xrd
method is used to conduct an analysis of mineral compositions of deposits and SEM is
adopted to analyze the sedimentary morphology.

Surface Coating Rate
After the test specimen has been repaired, 3 digital photographs of each specimen will
be taken. The corresponding coverage area is obtained by processing the photos and
surface coating rate Rs is then calculated using Eq. (1). The arithmetic average of the 3
measured values is used as final surface coating rate.

Rs ¼ ðAc=AÞ � 100% ð1Þ

where Ac is the coverage area of deposits (unit: mm2); A is the total surface area of
specimen needed to be repaired (unit: mm2).

Fig. 4. Device diagrammatic sketch of the experiment
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Crack Closure Rate
MapInfo system is used to measure the curve length of cracks before repair and those
which are unable to be repaired after repair. Crack closure rate Rc is then achieved by
Eq. (2).

Rc ¼ ðLc=LÞ � 100% ð2Þ

where Lc is the curve length of crack repaired (unit: mm); L is the total curve length of
crack before repair (unit: mm).

Filling Depth of Crack
After repair, the specimen is cut along the crack direction and 5 measuring points are
chosen for equal interval of a crack. Filling depth of crack is measured at each mea-
suring point using vernier caliper and the arithmetic average is calculated as final filling
depth of crack.

Xrd Method
Xrd method is a technique which can be used to analyze mineral compositions of
substance by diffraction effect. When substance specimen is exposed to X-ray owning
sufficient energy, secondary fluorescence X-ray will be produced because substance has
already been stimulated and then further diffraction data, which is an inevitable
reflection of its crystal structure, will be obtained. In this experiment, X-ray diffrac-
tometer of D/max2550VB3+/PC type having graphite monochromator and Cu-Ka1 ray
is employed to conduct the analysis. Scan mode is continuous scan, scan rate is 5°/min
and scan angle is 5°–75°.

SEM Analysis Method
SEM is a type of electron microscope that produces images of a sample by scanning the
surface using a focused beam of electrons. The electrons interact with atoms in the
sample, producing various signals that contain information about the sample’s surface
topography and composition [26]. In this experiment, SEM of S-2360N type is adopted
to analyze the sedimentary morphology of substance.

3 Test Results and Analysis

3.1 Simulation of Crack Repair of Tunnel Segment at the Bottom
of Tunnel (Experiment One)

Test Results
When electrified, in 28 days, as shown in Fig. 5, cracks of both test groups are
completely repaired basically. However, in 0.1 mol/L condition, some of cracks are not
fully repaired; while in 0.2 mol/L, cracks are almost filled with deposits. It should be
noted that there are obvious deposits on the surface of concrete and deposits tend to be
gathered in both conditions.
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Evaluation Indexes
Indexes of surface coating rate and filling depth of crack are used to evaluate the
healing effectiveness. The variation of the filling depth of crack with solution con-
centrations in different precast depth conditions is shown in Fig. 6 and comparison of
surface coating rate of specimens is indicated in Table 3.

As shown in Fig. 6, under different precast depth conditions, filling depth of crack is
greater with the increase of concentration of the solution; as indicated in Table 3,

(a) 0.1mol/L, 4ZnSO (b) 0.2mol/L, 4ZnSO

Fig. 5. Healing effectiveness of tunnel segment of experiment one in 28 days

Fig. 6. The variation of the filling depth of crack with solution concentrations in different
precast depth conditions

Table 3. Comparison of surface coating rate of specimens

Conditions 0.1 mol/L, ZnSO4 0.2 mol/L, ZnSO4

Surface coating rate (%) 33.10 41.77
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surface coating rate is higher and thickness of the coating is larger with the rise of
concentration. Since the number of ions in the solution increases as the concentration of
the solution rises, and the ion concentration gradient in the different regions is greater.
These lead to a faster migration of ions in solution when electrified and thus anions and
cations combine to form deposits at a faster rate.

SEM Analysis Method
SEM is employed to scan the deposits inside cracks in both conditions and the
micrographs obtained are shown in Fig. 7.

In 0.1 mol/L condition, most of the crystals are in the form of lamellar spindle
structure, of which the size is small. And crystals are arranged closely but not gathered
in a regular way; while in 0.2 mol/L condition, the crystals are in the form of plate-type
structure, thickness of the coating is larger and degree of compactness of crystals is
relatively high. There are no voids between different plate-type structures, and some
crystals develop in a zigzag way due to the growth of other neighboring crystals.

When the concentration is low, ions immigration is slower, which is not conducive
to the orderly and directional growth of crystals. On the contrary, if concentration is too
high, the growth speed of the crystal unit is too fast, so that there is not enough time for
orderly arrangement. That’s why the growth of a small number of crystals near the edge
will be squeezed by other crystals in one or two dimensional space, and the final crystal
structure is changed, showing a distorted shape.

3.2 Simulation of Crack Repair of Tunnel Segment at the Top
and Side of Tunnel (Experiment Two)

Test Results
Compared to experiment one, the repair process lasts much longer because of function
of gravity. Healing effectiveness of tunnel segment in 50 days is presented in Fig. 8.

In contrast with Fig. 2, healing effects of crack 2 and 3 are remarkable while healing
effects of the other cracks are not satisfying. However, there are still needle-like
deposits produced inside the other cracks and crystals grow and accumulate attached to
the side walls of crack, see details for Fig. 9.

(a) 0.1mol/L, 4ZnSO (b) 0.2mol/L, 4ZnSO

Fig. 7. Scanning electron micrograph of deposits in specimen crack
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Evaluation Indexes
Crack closure rate and filling depth of crack are employed as evaluation indexes. The
variation of evaluation indexes with width or depth of cracks is shown in Fig. 10.

From the above figures, there are two main reasons that affect the healing effec-
tiveness of EDM. One is the variation of width of cracks. The smaller the width of
crack is, the faster the crack will be closed. If the width of crack exceeds a certain
value, crack is hard to be fully repaired. That’s because crystals grow and accumulate
attached to the side walls of crack and eventually deposits will fill the crack with the
growth of crystals [14]. But when the width of crack exceeds a certain value, the
growing crystals attached to different side walls of crack cannot reach each other easily
and then the growth is interrupted causing deposits cannot filling the crack.

The other is the distribution of depth of cracks. Since the depth of crack 2 and 3 are
far larger than that of other cracks, concrete resistance at these two cracks are smaller;
both crack 2 and 3 are through cracks which means the steel bar is exposed to repair
solution directly, and the conductivity of the steel bar is much larger than that of
concrete. These two lead to a fact that the current density at through cracks is several
hundred times larger than that of other parts [10]. So the healing effectiveness of
through cracks is the best.

However, the width of crack 1, 5 and 6 is a little larger than that of crack 3 but the
healing effectiveness is not satisfying. That’s because the steel bar is not exposed to
solution at the location of crack 1, 5 and 6, which leads to less deposits.

Fig. 8. Healing effectiveness of tunnel segment of experiment two in 50 days

Fig. 9. The small deposits in No. 4 crack
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Xrd Method
In 50 days, the deposit samples are obtained from crack 2, and analysis of mineral
compositions is conducted by Xrd method.

As indicated in Fig. 11, the main mineral compositions of deposits in crack 2 are
crystals of ZnSO4 � 3ZnðOHÞ2 � 5H2O. The above crystals are produced under the
environment of ZnSO4 solution, validating the feasibility of EDM. In this experiment,
the chemical reaction equations are listed:

Fig. 10. The variation of evaluation indexes with width or depth of cracks

Fig. 11. X ray diffraction atlas of deposits in No. 2 crack
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The anode: 2H2O� 2e� ! O2 " þ 2Hþ

The Cathode: 2H2Oþ 2e� ! 2OH� þH2 " (On the surface of steel bar)
4Zn2þ þ SO2�

4 þ 6OH� þ 5H2O ! ZnSO4 � 3ZnðOHÞ2 � 5H2O #
(On the surface of concrete)

The generation of Zn indicates that the listed chemical reaction at crack 2 also
happens:

The cathode: Zn2þ þ 2e� ! Zn # (On the surface of steel bar)

The steel bar is exposed to repair solution directly since crack 2 is through crack.
Both hydrogen evolution reaction and reduction reaction of Zn2þ occur on the surface
of steel bar.

4 Conclusions and Discussions

In this paper, simulation of crack repair of tunnel segment using EDM at the bottom
and at the top and side of the tunnel, separately, is conducted. The healing effectiveness
in different sizes and positions of underground structure is evaluated using some
evaluation indexes and repair mechanism at the micro scale is revealed. The following
conclusions can be obtained from our present work.

(1) It is proved that EDM is feasible to repair damaged underground structure (tunnel
structure) at the level of concrete component.

(2) Both the variation of width of cracks and the distribution of depth of cracks can
influence the effect of EDM. In experiment two, the distribution of depth of cracks
is the main reason. At through cracks, concrete resistance is smaller and current
density is larger leading to more deposits. Therefore, the healing effect is better.

(3) From the results of SEM analysis method, different solution concentrations will
lead to distinct crystal microstructure of deposits. If the concentration is higher,
degree of compactness of deposits is relatively high.

(4) Compared to 0.1 mol/L condition, the crack repair rate is faster and the healing
effectiveness is better in the 0.2 mol/L condition at the macro scale, providing a
more reasonable selection of test parameters for subsequent application.
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Abstract. The meso morphologies of the fracture surface of cracked rock mass
indirectly reflects its internal damage evolution process. In this paper, the SEM
scanning images of the specimens with different pre-existing cracks under
uniaxial compression are post processed by MATLAB and IPP. Moreover, the
damage evolution of meso structure in the failure process of the specimen is
quantitatively studied, which establishes the relationship between macroscopic
failure and meso mechanism. It is found that when the crack initiates, the
damage degree of meso structure in the crack tips decreases with the increase of
the inclination angle of pre-existing crack, and the weakening effect of tensile
cracks on the strength of specimen is greater than that of shear cracks. Subse-
quently, when the crack propagates, the inclination angle of pre-existing crack
has little influence on the damage rate of the meso structure.

Keywords: Damage evolution � SEM � Tensile and shear properties

1 Introduction

The meso structure of jointed rock mass will be damaged during the failure process
under loading. With the accumulation of damage, the cracks will initiate, propagate,
and coalesce the rock on the macro level. Thus, the study on the damage evolution law
of meso structure inside the rock is of great importance. The conception of damage was
first proposed by Kachanov [1] to study metal creep. On this basis, many scholars have
studied the damage model of rock [2, 3], the meso morphology of facture surface [4]
and the fracture mechanism of rock mass [5] by conducting theoretical, experimental,
and numerical methods. By comprehensive use of the theories of structure mechanics
of rock mass, geometrical damage mechanics and rock fluid mechanics, the model of
seepage-damage coupling was established by Zhao et al. [6]. Yang et al. [7] experi-
mentally studied the deformation failure and energy properties of marble specimens
under conventional triaxial compression. Wong [8] numerically studied the coalescence
of two coplanar cracks in rock under compression using AUTODYN. These studies
have comprehensively promoted the understanding of crack propagation process and
failure evolution of rock mass. However, most of the researches are based on the
microscopic mechanic properties of rock mass or the macroscopic crack propagation
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process, and there is little quantitative study on the damage evolution of meso structure.
Moreover, little attention has been paid to the research on the relationship between
damage evolution of rock interior and macro mechanical property.

According to the previous study, the geometrical morphologies of crack fracture
surface can be obtained by SEM. By comparing with the morphologies of pure tensile
and pure shear specimens, the evolution pattern of the distribution of tensile and shear
stress during the crack propagation process is analyzed [9]. In this paper, the SEM
images of different specimens are post processed by binaryzation based on MATLAB
in advance. Subsequently, the image analysis software Image-Pro Plus (IPP) is used to
extract the data from SEM images after binaryzation, and these meso damage data are
quantitatively analyzed. Finally, the damage evolution law of meso structure is sum-
marized, and the relationship between the damage of meso structure and macroscopic
crack propagation is established.

2 SEM Test

SEM is a microscopic observation method, which can directly scan the fracture surface
of a specimen, as shown in Fig. 1. In order to obtain the criterion for judging tensile
and shear cracks, the fracture surfaces of pure tensile and pure shear are manufactured
artificially by Brazil splitting test and compression shear test. As shown in Fig. 2, under
the action of pure tension, the typical fracture surface is rough and the meso-surface
presents granular feeling. Under the pure shear, the typical fracture surface is smooth
and the meso-surface presents friction sliding feeling [10]. On this basis, a weight
parameter D is proposed for the analysis of tensile and shear properties of the crack
propagation process and is defined as follows:

D ¼ As � Atð Þ=A ð1Þ

where A is the total area of the scanning section, As is the area with shear character-
istics, At is the area with tensile characteristics. The range of D is −1 � D � 1, when
D = −1, the section is pure tensile stress region, the new crack is tensile crack. When
D = 1, the section is pure shear stress region, the new crack is shear crack.

Fig. 1. The schematic of SEM.
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As shown in Fig. 3, the failure surface of the specimen was divided into three parts,
and the SEM samples were selected from the corresponding areas [9]. Figure 4 shows
the scanning images of initial stage, middle stage, and late stage of a 30° specimen.
Observing the morphologies of fracture surface and the particle distribution at high
magnification, the D values of the three stages are −0.8, −0.7, −0.4, respectively [10].

Fig. 2. Tensile (left) and shear (right) crack SEM images.

15° 30° 45° 60° 75°

Fig. 3. Failure diagrams and sampling points of different specimens.

Fig. 4. SEM images of a 30° specimen.
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It is found that tensile stress dominates the crack initiation and propagation of a 30°
specimen. With the propagation of wing cracks, the weight of tensile stress decreases
and the weight of shear stress increases gradually.

3 Post Processing of SEM Images

Based on the concept of validity [1], the ratio of the damaged area to the total area of
the meso structure is taken as the meso damage variable. Therefore, the damage degree
can be obtained by extracting damage area and total area from SEM images. The
formula is as follows:

X ¼ Se
S0

ð2Þ

where X is meso damage variable, Se is the damage area, S0 is the total area, the range
of it is 0 � X � 1. When X is 0, there is no damage to the meso structure, when X is
1, the meso structure is completely damaged. According to the imaging principle of
SEM, when the incident electron remains unchanged, the number of electrons reflected
by rock crystal is more than that of the crystal void. On the macro level, the color of the
undamaged area was shallow and the color of the damaged area was deeper. Using the
threshold method, the SEM image with magnification of 300 times is transformed into
binaryzation images. The images after binaryzation are shown in Table 1, the white
parts represent the undamaged areas, and the black parts represent the damaged areas.

The graphic analysis software Image-Pro Plus(IPP)is used to analyze the bina-
ryzation images, the amount of black and white pixels is extracted. Moreover, the value
of X of crack initiation, crack propagation, and crack coalescence are obtained in
Table 2.

4 Analysis of Meso Damage

Figure 5 presents the evolution curve of X at the initial stage with X axis representing
inclination angles and Y axis the value of X. It is found that the damage degree X of the
crack tips decreases gradually with the increase of the crack inclination angle. Zhao
et al. [9] found that when the wing crack initiates, the proportion of tensile stress on the
fracture surface decreases and the proportion of shear stress increases gradually with
the increase of crack inclination angle. Based on the above analyses, a conclusion can
be obtained as follows: With the increase of the shear stress on the crack surface, the
damage degree X of the meso structure decreases gradually when crack initiates. That
is to say, shear stress reduces the damage degree of meso structure when crack initiates.

Based on the previous study [11], Fig. 6 shows the initiation stress of different
specimens in experimental tests and numerical simulation. Analyzing the curve of
experimental tests, with the increase of inclination angle, the crack initiation stress
increases gradually, indicating that the meso structure must have changed, which makes
crack initiation more difficult to occur. This phenomenon also confirms the conclusion
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that damage proportion is getting smaller with the increase of inclination angle.
However, when the inclination angles reach 60° and 75°, the crack initiation stress
increases rapidly and has a multiple increase compared with other angles. The analysis
of this particular case is as follows: In the case that the internal damage degree of the

Table 1. Binaryzation images of different specimens.

Inclination 
angle

Initial stage Middle stage Late stage

15°

30°

45°

60°

75°
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specimens with different inclination angles is approximately uniform decreasing, the
sudden change of crack initiation stress can only depends on the different weakening
effect of tensile and shear cracks. When the inclination angles are 15°, 30°, and 45°,
tensile crack dominates the crack initiation, when the inclination angles are 60° and 75°,
shear crack dominates the crack initiation [9]. Therefore, it can be concluded that the
weakening effect of tensile cracks on the strength of specimen is greater than that of
shear cracks. Analyzing the curve of numerical simulation, it is found that there is no
sudden change section in the stress curve, this is because numerical simulation does not
take into account the different weakening effect between the tensile and shear cracks on
the strength of the specimen.

Analyzing the variation of X from crack initiation to crack coalescence in Table 2,
the five groups of data are 12.9%, 11.1%, 10.7%, 11.2%, and 12.7% respectively. It is
found that although the damage degree of meso structure at crack initiation stage
decreases gradually, the damage variation during the propagation process remains
almost unchanged. Once the crack initiates, the tensile and shear stress on the fracture
surface has little effect on the damage of meso structure.

Table 2. The value of X in different stages of different specimens.

Inclination
angle

The value of X

15° 36.3%, 40.7%, 49.2%
(initial stage, middle stage, late stage)

30° 36.1%, 38.4%, 47.2%
45° 34.8%, 41.6%, 45.5%
60° 32.5%, 36.0%, 43.7%
75° 28.3%, 32.0%, 41.0%

Inclination angles

D
am

ag
e 

de
gr

ee

Fig. 5. The evolution curve of X at the initial stage.
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5 Conclusion

In this paper, the SEM scanning images of the specimens with different pre-existing
cracks under uniaxial compression are post processed by MATLAB and IPP. More-
over, the evolution of damage degree of meso structure in the failure process of the
specimen is quantitatively studied, which establishes the relationship between macro-
scopic failure and meso mechanism. The conclusions are as follows:

(1) When the crack initiates, the damage degree X of meso structure in the crack tips
decreases with the increase of the inclination angle. Moreover, the weakening
effect of tensile cracks on the strength of specimen is greater than that of shear
cracks, which leads to the rapid increase of initiation stress of 60° and 75°
specimen.

(2) When the crack propagates, the inclination angle of pre-existing crack has little
influence on the damage rate of the meso structure.
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Abstract. Targeting for the description of water occurrence status in the
rammed earth of Mogao Grottoes, the infrared thermography was applied to
study the relationship between water absorption increment and infrared radiation
temperature at various water absorption stages. The result showed that (1) before
the infiltrating of all rock samples, and due to the impact of the increasing
volume of water passing, the overall relationship between the water absorption
increment of unit mass of dry rocks and the infrared radiation temperature was
positive, but no obvious regular difference existed in various water absorption
stages; (2) by making use of the characteristic that NMI of adjacent thermal
images was 0, the moment when water in rammed earth turned from partial
infiltration to complete infiltration could be judged; (3) by making use of the
characteristic that NMI of adjacent thermal images was 0, the moment when
rammed earth turned from unsaturation to complete saturation could be judged.
A non-destructive, convenient and real-time method was expected to be pro-
vided for the judgment of water occurrence conditions in rammed earth of
Mogao Grottoes.

Keywords: Water occurrence conditions � Water absorption increment
Infrared radiation characteristics � Mutual information

1 Introduction

Water is one of the most active factors causing geotechnical engineering disasters and
damages; it is also the direct reason causing the damages in grottoes, murals and ruins
in stone and earthen historic relics protection field. Therefore, it is very important to
dynamically monitor the water content in rock-soil medium [1–3]. Due to its
non-destructive and real-time monitoring performance, the infrared thermography has
been attracting more and more attention worldwide, and many scholars have started
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relative studies [4–8]. Domestically, Mingde [9] was the first who pointed out that the
water, to some extent, could absorb some certain intrinsic radiation of the rock sample
and obviously promote the infrared radiation characteristics of stressed rocks by con-
trasting the infrared radiation temperature changing characteristics of water-bearing
rock samples to the dry rock samples under the condition of stress variation. Huihui
[10] contrasted the direction and extent of the infrared radiation temperature changes of
the rock samples that were with different moisture contents under the same lighting
condition in tests, and put forward the possibility of discrimination and recognition of
moisture content and water percolation of rocks through infrared radiation variation;
Yuhua [11] used the infrared thermal imaging technology to monitor the specific
seepage positions on painting cliffs, clarify seepage grades, and judge seepage severity
of different areas by taking the highest and lowest temperatures in the seepage area as
the indexes, thus to put forward the feasibility of applying thermal imaging technology
to monitor the seepage damages of cliff paintings; Avdelidis [12] came to the con-
clusion that the damper the rock was, the lower its surface temperature was, which
indicated that rock’s water content was in negative correlation to temperature according
to the infrared radiation temperature variety rule in the ascent process of water in
porous rock capillary; Furmański [13] established the mathematical model of heat and
mass transfer of moisture evaporation of wet sample and put forward that when sudden
change happened to the radiation temperature filed of wet sample surface, it would be
the most proper moment for testing the water content of the sample; Gayo-Monco [14]
applied different interference filters to eliminate impacts of interference factors on
infrared radiation in water-bearing buildings under environments with high humidity or
high CO2 index, strengthening the display effect of infrared thermal imaging of
building component humidity.

In a word, in the protection fields of rock, soil, and cultural relic at home and
abroad, the utilization of infrared thermal imaging technology in detection and moni-
toring of water disasters has been studied and applied a lot, but most of these researches
and application examples are limited to qualitative identification of static moisture in
materials. Apparently, these methods could not describe time effect of moisture, or,
they could not judge occurrence state of moisture in medium at a certain moment.

With infrared thermography, this paper studied the relationship between water
absorption increment and infrared radiation temperature at various stages of rammed
earth absorption in the hope to provide a non-destructive, convenient and real-time
method for the judgement of water occurrence conditions in rammed earth of Mogao
Grottoes.

2 Mutual Information Theory

Mutual Information (MI) can be applied to describe the similarity between two random
signals or the correlation between statistical variables. Currently, it has been also widely
studied on the measurement of similarity between images [15–17]. MI is usually used as
judgment criterion; a higher value ofMI indicates a higher similarity between two images.
The computing method ofMI is to take the two images that are to be registered (at moment
ti and tiþ 1 respectively) as two random events, According to the image of the complete
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gray information to calculate the probability of occurrence of each level of gray and joint
probability of the combination of the two images. Based on this, information entropy
HðtiÞ and Hðtiþ 1Þ of thermal images at moment ti and tiþ 1 respectively and joint
information entropy Hðti; tiþ 1Þ can be calculated and finally the MI value is obtained.
The application ofMI shows that the reduction of overlapping regions between different
images will cause the incompleteness of mutual information, which generates local
extremum that cannot accurately evaluate actual situation and may be leads to wrong
match results. Normalized Mutual Information (NMI) is an extended concept in order to
solving the problem of misjudgment. It is constrained by joint entropy and edge entropy
at the same time, the image registration effect is more accurate. Definitions of infor-
mation entropy and joint information entropy of infrared thermograms:

HðtiÞ ¼ �
XN

n¼1

PnðtiÞ lgPnðtiÞ ð1Þ

Hðtiþ 1Þ ¼ �
Xm

m¼1

Pmðtiþ 1Þ lgPmðtiþ 1Þ ð2Þ

Hðti; tiþ 1Þ ¼ �
XK

k¼1

Pkðti; tiþ 1Þ lgPkðti; tiþ 1Þ ð3Þ

MIðti; tiþ 1Þ ¼ HðtiÞþHðtiþ 1Þ � Hðti; tiþ 1Þ ð4Þ

In the formula, ti is the data acquisition time (i ¼ 1; 2; . . .; l); N is the distribution of
N radiation temperature values in the thermal image at time ti; PnðtiÞ is the probability
of the nth radiation temperature in the thermal image at ti; M is the thermal image at
time tiþ 1, M is the probability of mth radiation temperature in the thermal image at
tiþ 1, Pmðtiþ 1Þ is the probability that the mth radiation temperature appears in the
thermal image at time tiþ 1; K ¼ N �M, K means that there are K infrared radiation
temperature combinations, in the two thermograms at the adjacent time ti; tiþ 1;
Pkðti; tiþ 1Þ is the probability of infrared radiation temperature combinations in the two
thermograms at the adjacent time ti; tiþ 1.

In this paper, the normalized mutual information was applied to evaluate the
similarity between adjacent thermal images with the same water content increment, and
analyze the characteristics of the infrared radiation intensity change of the
water-contained rocks under different water absorption status.

3 Experimental Method

The sample used for the experiment was rammed earth in the Mogao Grottoes of
Dunhuang, China, which is a cylinder with a diameter of 50 mm and a height of
100 mm. The intelligent test system for water absorption of deep soft rock, which was
independently researched and developed by State Key Laboratory of Deep Rock
Mechanics and Underground Engineering, was used in the experiment to simulate the
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whole process in which dry rock absorbed water until they were saturated. Meanwhile,
the infrared thermal imager was used in the experiment to get the infrared radiation
information on rock surface throughout the absorption process. Test system of the
experiment is shown in Fig. 1.

Before the experiment, proper lens was selected, distance and angle between the
infrared thermal imager and rammed earth sample were set, and related instrument
parameters were configured according to the experimental environment.

In the experiment, injecting water into a container first, discharge bubbles inside the
conduit to prevent the bubbles from affecting the experiment; put the filter paper on the
experiment table and collect data at the same time; then, start up the infrared thermal
imager to collect the infrared radiation temperature on the sample surface; when the
rammed earth was saturate, stop the experiment (note: The experiment in this study was
terminated because the rammed earth sample fell down and broke).

4 Result Analysis

4.1 Absorption Stage and Its Infrared Radiation Characteristics

Figure 2 is the characteristic curve of water absorption of the rammed earth, in which, t
is the water absorption time, Q is the water absorption. By observing rammed earth, the
whole process of water absorption. The whole process of water absorption can be
divided into four stages: AB, BC, CD and DE. the water absorption characteristics and
the changes rules of temperature field of the four stages of absorption as follows:

Stage AB is the contact stage. The bottom of the rammed earth touched water, the
stage lasted a very short period, slight changes occurred at the bottom of the infrared
thermal image.

Stage BC is the initial stage of the water absorption. Water absorption went up
rapidly with the absorption velocity. the stage lasted for a very short period, slight
changes occurred at the bottom of the infrared thermal image.

Fig. 1. Experimental system for water test of deep soft rocks
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Stage CD is the water absorption stage with a changing velocity. In which, water
absorption showed nonlinear growth and absorption velocity slowed down and grad-
ually to 0. This stage is one of the main stages of water migration, accounting for about
15% of the whole process. Large changes took place in infrared thermal image in this
stage. Temperature dropped drastically where the peak area passed.

Stage DE is the absorption stage with steady state and constant velocity. The water
absorption showed linear increase and the absorption velocity did not change basically;
the wetting front of rammed earth reached the top at Point h, when the rammed earth
was still absorbing water; it broke at Point E and the absorption process came to an end.
This stage is one of the main stages of water migration, accounting for about 85% of
the whole process. Before Point h, the overall tendency of infrared thermal image
temperature went down in this stage; temperature began to see consistency from the
bottom between Point h and Point E, which meant that the whole sample tended to be
saturate.

4.2 Analysis on Relation Between Water Absorption Increment
and Infrared Radiation Characteristics

Many experiments had shown the close correlation between water absorption incre-
ment and temperature change of infrared radiation. Therefore, the temperature change
rules of the infrared radiation at 1 g and 2 g were analyzed respectively to reveal the
causal relationship between water absorption increment and infrared temperature
characteristics.

The temperature changing rule on the surface of the rammed earth surface was
analyzed when water absorption increment was 1 g. In the three stages of CD, Dh and
hE, with rammed soil absorption increment 1 g as the time gradient, select the thermal
image at different times, of which, t10; t11; t12; t13; t14; t15 were in Stage CD;
t20; t21; t22; t23; t24; t25; t26; t27; t28; t29 in Stage Dh and t30; t31; t32; t33; t34; t35;
t36; t37; t38; t39 in Stage hE. There were 26 moments totally, and t10; t20; t30 were the
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Fig. 2. The whole process of the water absorption curve of rammed earth
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corresponding moments of Point C, D and h, which were the beginning points of
Stage CD, Dh and hE (Fig. 3).

Infrared thermal images of the 6 moments of t10; t11; t12; t13; t14; t15 were
extracted from Stage CD (as is shown in Fig. 4.). Based on the mutual information
theory in Sect. 2, the entropy value of each thermal infrared image and the joint
information entropy of the adjacent thermograms were calculated, and thereby the
normalization of adjacent thermal images under the same increment of water absorption
were obtained. The calculation results are shown in Table 1.
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Fig. 4. Infrared radiation temperature (CD stage)

Table 1. Calculation results of mutual information (CD stage)

Moment tiðsÞ 300 395 500 620 750 900

Information
entropy HðtiÞ

5.371347 5.625987 5,685766 5.855466 5.778684 5.370109

Joint
information
entropy
Hðti; tiþ 1Þ

9.487079 9.748628 9.630516 9.687693 8.938239 /

NMIðti; tiþ 1Þ 0.274658 0.276372 0.331111 0.334611 0.396555 /

Note: i ¼ 10; 11; 12; 13; 14; 15
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It can be seen from Table 1 that in Stage CD, similarity between adjacent thermal
images enlarges gradually, that is, distribution change of infrared radiation temperature
of rock sample is getting smaller and smaller. This indicates that, with the time
increasing of water absorption, for every increased 1 g of water absorption volume, the
change in thermal images gets smaller and smaller gradually. By combining with the
analysis on water adsorption curve characteristics, it can also be known that, the
absorption velocity is very fast in Stage CD. With the pasture of time, volume of water
passing of the rock sample grows up rapidly. Whenever water absorption increases 1 g,
the dispersed volume in rock also grows bigger quickly. So the temperature distribution
influence of moisture on adjacent thermal images becomes smaller and smaller.

Infrared thermal images of t20; t21; . . .; t29, 10 moments in total were extracted
from Stage Dh (as is shown in Fig. 5). Based on the same method as the CD segment is
used to calculate the NIM. The calculation results are shown in Table 2.

By analyzing Table 2, it can be known that the similarity between adjacent thermal
images decreases first and increases later, that is, the temperature drop of adjacent
thermal images increases first and decrease later. Compared with conclusion of

(a) 20 2735st = (b) 21 3005st = (c) 22 3280 st = (d) 23 3565st = (e) 24 3860 st =

(f) 25 4175st = (g) 26 4495st = (h) 27 4835st = (i) 28 5180 st = (j) 29 5520 st =

Fig. 5. Infrared radiation temperature (Dh stage)

Table 2. Calculation results of mutual information (Dh stage)

Moment tiðsÞ 2735 3005 3280 3565 3860 4175 4495 4835 5180 5520

Information
entropy HðtiÞ

6.552694 6.530062 6.540520 6.442925 6.347258 6.657930 6.400355 6.288786 6.458167 6.78907

Joint
information
entropy
Hðti ; tiþ 1Þ

10.955929 11.080763 10.915058 10.819145 11.478292 11.699939 10.855203 10.800322 11.039712 /

NMIðti ; tiþ 1Þ 0.325134 0.304473 0.318619 0.308211 0.234813 0.208044 0.289056 0.305427 0.333361 /

Note: i ¼ 20; 21; 22; . . .; 29:
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Stage CD, it can be known that, after the initial period of rapid water absorption, the
temperature of the rock sample dropped rapidly at early Stage Dh; the dropping slowed
down at late Stage Dh, meaning that, with the pasture of time, volume of water passing
of the rock sample grew up continuously. Temperature dropping velocity increased first
and decreased later as total water absorption increased 1 g each time. The overall rule
was not obvious and MI of adjacent thermal images was between 0.2 and 0.35.

Infrared thermal images of t30; t31; . . .; t39, the 10 moments in total, were extracted
from Stage hE (as is shown in Fig. 6). Based on the same method as the CD segment is
used to calculate the NIM. The calculation results are shown in Table 3 and Fig. 7.

By analyzing Table 3 and Fig. 7, it can be known that, before moment t37, simi-
larity between adjacent images has no significant change. It indicates that, before t37,
for every 1 g of total water absorption increasing, the temperature drops almost by the
same degree. On the other hand, it can be noticed that the wetting front has reached the
top of the rock sample at Point h (moment t30) in curve of water absorption, which
means that the rock sample surface is totally infiltrated. It can be inferred that in period
of t30 � t37, volume of water passing is not changed. So whenever water absorption

(a) 30 7320 st = (b) 31 7740 st = (c) 32 8180 st = (d) 33 8630 st = (e) 34 9090 st =

(f) 35 9565st = (g) 36 10060 st = (h) 37 10575st = (i) 38 11105st = (j) 39 11650 st =

Fig. 6. Infrared radiation temperature (hE stage)

Table 3. Calculation results of mutual information (hE stage)
Moment tiðsÞ 7320 7740 8180 8630 9090 9565 10060 10575 11105 11650

Information
entropy HðtiÞ

6.817765 6.682700 6.610790 6.508592 6.240700 6.203141 6.146832 6.072168 6.139289 6.503203

Joint
information
entropy
Hðti ; tiþ 1Þ

11.333656 10.906165 10.552496 10.828472 10.399089 10.087253 10.013134 12.215039 12.642192 /

NMIðti ; tiþ 1Þ 0.320998 0.359172 0.391312 0.301322 0.328637 0.366433 0.361055 0 0 /

Note: i ¼ 30; 31; 32; . . .; 39:
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increases 1 g, temperature drops almost by the same degree. That is, at moment t37,
water has reached the top of both the rock surface and its inside.

Especially, NMI between adjacent thermal images is 0 at the three moments of
t37; t38 and t39. This means that adjacent thermal images are uncorrelated. Before and
after moment t38, the increase of every 1 g of water causes large temperature change.
Though rock keeps on absorbing water after that moment, its physical essence has
changed, predicting that the rock is converting from unsaturation to complete saturation
at the time.

The same comparative analysis was made on the variation of the temperature field
of infrared radiation under the condition of 2 g water absorption increment. The
conclusion is consistent with that under the condition of 1 g water absorption incre-
ment, here no longer expatiatory.

Based on the above analysis, it can be known that in Stage CD * Dh, due to the
ever-increasing volume of water passing, temperature dropping range is closely linked
to the increased volume of water passing; under the boundary conditions limited by the
experiment, the rule of temperature drop and water absorption increment was not
obvious under the influence of the ever-changing velocity of volume of water passing.
At the stage from around Point h to Point E, it can be judged from the experimental
phenomena that rock at the stage has been wet from inside to outside, which means that
when volume of water passing does not change, NMI fluctuates at about 0.3 when
water absorption increment is 1 g and 2 g and no obvious changes occur. All these tell
us that water absorption increment is in positive correlation to temperature dropping,
which is in consistency to infrared radiation physics law.

It is noteworthy that around a certain moment at Stage hE, NMI between adjacent
thermal images was 0, predicting that a part of the water in rock has conversed from
bound water to free water after absorption and the rock is transiting from unsaturation
to complete saturation.
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Fig. 7. NMI value of thermal image at adjacent time (hE stage)
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5 Conclusions

Targeting for the description of water occurrence status in the rammed earth of Mogao
Grottoes, the infrared thermography was applied to study the relationship between
water absorption increment and infrared radiation temperature at various water
absorption stages. And the conclusions were obtained as below:

Under the mechanical boundary conditions limited by the experiment, before the
infiltration of all rock samples, due to the impact of the increasing volume of water
passing, the overall relationship between water absorption increment of unit mass of
dry rocks and infrared radiation temperature was positive, but no obvious regular
difference was shown in various water absorption stages;

In the process when the whole rock sample was completely infiltrated and kept
absorbing water, the moment could be judged as the point when water inside of the
rock sample transited from absorbed water to free water and the rock sample turned
form unsaturated state to complete saturated state based on absorption process of water
molecules in mineral if right before and after the very moment, mutual information of
adjacent thermal images was 0. This meant that by using NMI of adjacent thermal
images, the moment when porous medium turned from unsaturated state to complete
saturated state could be judged.

Acknowledgements. This work was supported by the National Natural Science Foundation for
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Abstract. As the traditional rock mass classification is not suitable for TBM
tunnel, the comprehensive rock mass classification for TBM is established by
combing the boreability classification and adaptability classification, which are
accomplished respectively by analyzing TBM performance. In order to evaluate
surrounding rock continuously, Markov Chain method is used in this paper. Four
geological parameters are chosen to describe the ground conditions. Based on
YHJW project, we can get the state of each parameter through geological inves-
tigation. Counting the state transformation along the alignment at 50 m intervals,
the state transformation probability matrix of each parameter is obtained. Com-
paring the parameter state in the same position between investigation data and
revealed condition, the likelihood matrix of each parameter in Qinling Region is
acquired. Probability of boreability classification of K29 + 900*K31 + 150 is
computed and the expectation of thrust is considered as the thrust in prediction.
The high penetration rate appears when the field thrust is in the range of predicted
thrust. Dynamic Rock Mass Classification Method is proved effective. Tunneling
parameters can be predicted preliminary through the new classification.

Keywords: Rock mass classification � TBM � Boreability � Adaptability
Markov chain � Performance prediction

1 Introduction

Rock mass classification is the determines of tunnel design and construction. Tradi-
tional rock classification methods usually focus on stability of surrounding rock. While
using Tunnel Boring Machine (TBM), in order to achieve optimal advance rate
(AR) and economic benefits, we should consider balancing the relationship between
rock boreability and stability. Traditional rock mass classification methods can not
reach the requirements in such situation [1].

Compared to other construction methods, TBM is more sensitive to the variation of
ground condition, the engineers need to adjust tunneling parameters with the change of
surrounding rock [2]. The present engineering geology investigation can’t afford
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successive and accurate information for design, except for several drilling holes.
Geological uncertainty leads to frequent halting and even the damage to TBM. This
makes a noticeable impact on TBM performance [3]. Though advanced geological
prospecting can ameliorate this situation, its application is also limited by high time
cost as well as economic profit loss. There are many soft methods proposed by
researchers to complement the results of engineering geology investigation, such as the
time series approach, neural networks approach, support vector machine networks and
discrete-state continuous-space Markov process [4–7].

By analyzing the construction data supported by HANJIANG-TO-WEIHE
RIVER VALLEY WATER DIVERSION PROJECT (YHJW Project) in China’s
Shaanxi Province, a rock mass classification system is proposed based on excavation
mechanism and penetration performance of TBM. It can be used to evaluate the sur-
rounding rock dynamically by Markov chain approach. Depending on the results of the
classification, tunneling parameters and TBM performance could be predicted pre-
liminarily, and further construction organization can be adjusted in time.

2 Comprehensive Rock Mass Classification Method Based
on TBM Performance

2.1 Penetration Characteristics of TBM

The performance of TBM and benefit of the project are reflected by AR, which refers to
the accumulated footage per day (m/day) and is calculated as:

AR ¼ PR * U ð1Þ

PR is the penetration rate and expressed in m/h, which refers to linear excavation
footage per unit time when TBM is in operation. And U is utilization rate (%) of the
machine, representing the ratio of driving time to total construction time. PR is asso-
ciated with boreability of rock mass. And from the point of the lowest energy, there are
optimal tunneling parameters for their corresponding ground condition [8]. U reflects
the geology adaptability for TBM and is often reduced by high quartz rock, fault
fracture zone, squeezing deformation of soft rock, rock burst, etc.

Excavation of TBM tunnel is a result of the interaction between machine and
surrounding rock. This process is affected by boreability of rock mass and TBM
adaptability to the geology at the same time. And the above two factors are in oppo-
sition to each other. For example, low-strength rock is fairly easy to be broken and low
thrust is required, while the time consumed by supporting is enormous. Therefore, in
order to estimate the geology condition, boreability and adaptability should be analyzed
respectively, and then the whole effection can be evaluated comprehensively.

2.2 Boreability Classification of Rock Mass

The boreability of rock mass refers to the degree of their resistance to the break of
cutters, and the consumption of cutters. This ability is decided by character of a certain
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rock. Since PR relates to tunneling parameters in a given ground condition, FPI (field
penetration index) is defined to describe this property. The analysis of field data
indicates that FPI serves as a link between geological parameters and tunneling
parameters, and can be set as the classification index [9].

The present engineering geology investigation in China complies with Standard for
engineering classification of rock mass. When evaluating geological conditions for
underground engineering, the basic geological parameters mainly includes standard
values of rock-saturation uniaxial compressive strength (Rc), intactness index of rock
mass (Kv), groundwater state (W), initial geo-stress state (Gs), etc. [10]. Before
advanced geology investigation methods are adopted in national standard, the classi-
fication parameters are limited by survey methods.

We performed a regression analysis using field data of YHJW project. And a fitting
formula was obtained as follows:

FPI ¼ 12:35EXP 0:594þ 0:198Rcþ 1:65Kvð Þ ð2Þ

When Rc > 90 kV + 30, Rc = 90 kV + 30, and when Kv > 0.04Rc + 0.4,
Kv = 0.04 + 0.4.

Statistics suggest that tunneling parameters are approximately follow normal dis-
tribution in FPI segments (at 50 m intervals). According to FPI segments, boreability
classification of rock mass can be accomplished. And the corresponding tunneling
parameters can be predicted preliminary as shown in Table 1.

2.3 Adaptability Classification of Rock Mass

The adaptability of TBM to geological conditions is embodied in TBM utilization.
Many researches on TBM performance prediction indicate that it is quite difficult to
estimate the utilization due to the numerous factors, as well as their uncertainty and
complex relationship [2, 11]. It is necessary to judge the influence on utilization by
each specific factor, mainly including support, wear of cutters, mucking, etc. The
relative geological parameters are Rc, Kv, W and Gs.

According to the daily tunneling logs of YHJW project, and based on fault tree
model, Xue [12] analyzed the time consumption of each construction event caused by
the parameters listed above. The influence on utilization by different state of single

Table 1. Boreability classification of rock mass and prediction of tunneling parameters

Boreability
classification

FPI
(kN/mm/rev)

Group of
data

Prediction of
thrust (kN)

Prediction of
Penetration (mm/rev)

1 <50 19 4500*8500 14*24
2 50*100 163 7000*9500 12*16
3 100*150 105 9000*12000 9*13
4 150*300 79 10000*17000 7*10
5 300*600 82 16000*21000 4*7
6 600*1000 11 18000*22000 3*4
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parameter is graded as shown in Table 2. Adaptability of rock mass is classified into 5
levels based on the sum of each grade. The results are listed in Table 3.

2.4 Comprehensive Classification of Rock Mass Based on TBM
Performance

Another important purpose of rock classification is to predicate advance rate, which is
calculated as follows:

AR ¼ P � N � U � 60=1000 ð3Þ

with N (rev/min) is revolving speed of the cutter head, set as *5 rev/min.

Table 2. Grades of each parameter condition.

Rc(MPa) <30 30~60 60~100 100~150 >150
Grades A1 2~4 4~6 6~8 4~6 2~4

Kv <0.35 0.35~0.45 0.45~0.75 0.75~0.85 >0.85
Grades A2 2~4 4~6 6~8 4~6 2~4

W dry wet~seepage drip linear flow stream water burst
Grades A3 8~9 10 6~8 4~6 2~4 1~2
GS(MPa) 0~5 5~30 >30

Grades A4 10 4~6 1~2

Table 3. Adaptability classification of rock mass and prediction of utilization.

Adaptability classification 1 2 3 4 5
Total grades (A1 + A2 + A3 + A4) 36*46 28*35 19*27 10*18 0*9
Prediction of utilization 32%*40% 24%*32% 16%*24% 8%*16% 0*8%

Comprehensive Rock Mass Classification Matrix for TBM Tunnel

Grades of 

adaptability

FPI <50 50-100 100-150 150-300 300-600 >600
Prediction of

Boreability
Adaptability

1 2 3 4 5 6

36-46 1 I I I II II III 32%-40%

28-35 2 I I II II III III 24%-32%

19-27 3 I II II III III IV 16%-24%

10-18 4 II III III III IV IV 8%-16%

0-9 5 III IV IV IV IV IV 0-8%

Prediction of thrust kN 4500-8500 7000-9500 9000-12000 10000-17000 16000-21000 18000-22000

Prediction of penetration mm/rev 14-24 12-16 9-13 7-10 4-7 3-4

1 FPI=12.35exp(0.594+0.0198Rc+1.65Kv)

When Rc>90Kv+30 Rc=90Kv+30. When Kv>0.04Rc+0.4 Kv=0.04Rc+0.4.

2 Grades of adaptability =A1+A2+A3+A4

Fig. 1. Comprehensive rock mass classification matrix.
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According to Eq. 3, Tables 1 and 3, daily average AR (m/h) can be computed.
A comprehensive classification matrix is concluded in Fig. 1.

3 Dynamic Rock Mass Classification Method for TBM
Tunnel Based on Markov Chain

Usually, a geological parameter is defined to describe one kind of rock property. Single
parameter state varies with the advance and is only influenced by the state in last
location, i.e., it is independent of state in other previous locations. Therefore, the
transformation of one single parameter can be regarded as a Markov process [7]. This
random process is expressed as follows:

P X tiþ 1ð ÞjX tið Þ ¼ xi; X ti�1ð Þ ¼ xi�1; . . .½ � ¼ P X tiþ 1ð ÞjX tið Þ ¼ xi½ � ð4Þ

where ti is the location in sequence of tunneling, and xi is the state of parameter in ti.
The state distribution of a parameter is called state space of a parameter, covering

all status of this aspect’s characters. In a certain location, a parameter might be in any
state with corresponding probabilities. The whole condition of rock mass is decided by
arrangement of all parameters’ state, transforming with the changing of any of them.
This arrangement can be expressed by geology vector (a row vector).

For each parameter, probability of each possible state is expressed by state distri-
bution vector s(ti), which can be looked up in likelihood matrix L of this parameter:

L ¼ ljk
� �

; where ljk ¼ P Y tið Þ ¼ kjX tið Þ ¼ j½ � ð5Þ

lab refers to the probability that the investigation state X(ti) of a parameter is j in
location ti, but the real state Y(ti) revealed later is k. Likelihood matrix L reflects the
accuracy of geology investigation. For a certain region and a certain geological
investigation method, L is supposed as constant.

Suppose that parameter state is j in location ti, it might transfer to any states within
its state space in the next location ti+1. Element Trjk of transition probability matrix Tr
denotes the probability that state in ti is j and in ti+1 is k, shown as follows:

Tr ¼ Trjk
� �

; where Trjk ¼ P X tiþ 1ð Þ ¼ kjX tið Þ ¼ j½ � ð6Þ

Based on Bayes’ theorem, when the parameter state revealed in location between ti
and ti+1 is q, Tr can be updated to Tr′ dynamically by Eq. 7.

Tr0 ¼ Tr0jk
h i

; where Tr0jk ¼ Trjklkq=ð
X

TrjklkqÞ ð7Þ
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The probability of parameter state in location ti+1 can be calculated as follows:

s tiþ 1ð Þ ¼ s tið ÞTr0 ti � tiþ 1ð Þ ð8Þ

While some difficulties occur when applying this method in TBM tunnel. Firstly,
since the machine is more sensitive to variation of surrounding conditions, the states of
parameters should be divided more delicate. Further, TBM tunnel is always longer,
therefore, more complex conditions could be encountered along the alignment. Geol-
ogy data are more limited because the geology investigation is more difficult. Finally,
the classification should be relevant to the tunneling parameters.

3.1 State Space Definition and Division of Geological Parameters

Four parameters are defined in Sect. 2 as standards of classification. On account of the
influence on tunneling, state space of each single parameter is divided as presented in
Table 4. The division criterion is based on field data and construction logs.

From the combination of different parameters’ state, there are 300 different geology
vectors. The FPI value and adaptability grades of each geology vector can be calculated
according to Eq. 2 and Table 2. Then the geology vector can be classified into cor-
responding boreability, adaptability, and comprehensive classification based on Fig. 1.

Coring is conducted at 50 m intervals following the excavation in YHJW project.
Thus, observation points are set at 50 m intervals as well. On the basis of field-acquired
geological profile and longitudinal section of YHJW project (about an 82 km tunnel),
we can get the state of each parameter in every observation point according to Table 4.
Counting the state transformation along the alignment, the frequency of transformation
among these states is acquired. For example, the state of Rc transforms 38 times from 1
to 1, 28 times from 1 to 2, and 0 times from 1 to other state. The corresponding
transformation frequency of Rc from 1 to 1, 2, 3, 4, 5 is 0.5758, 0.4242, 0, 0 and 0
respectively. Supposing the state transformation frequency as the state transformation
probability, the state transformation probability matrix of each parameter is obtained
respectively, as listed in Table 5.

The daily tunneling logs (about 12 km excavated tunnel) record actual geological
information. Comparing the parameter state in each observation point between inves-
tigation data and revealed condition, the likelihood matrix of each parameter in Qinling
Region can be acquired (as shown in Table 6). In this 12 km section, according to
geological investigation, state of W is 1 in 96 observation points. In these points, actual
state of W revealed after excavation is 1 in 57 points, 2 in 29 points, 3 in 8 points and 4

Table 4. State definition of single parameter

State 1 2 3 4 5

Rc(MPa) <30 30*60 60*100 100*150 >150
Kv <0.35 0.35*0.45 0.45*0.75 0.75*0.85 >0.85
W dry wet*drip linear flow water burst –

Gs(MPa) 0*5 5*30 >30 – –
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in 2 points. This means when the state of W in a location indicated by geological
investigation is 1, the real state might be 2 with a probability of 0.3.

3.2 Application in YHJW Project K29 + 900 ~ K31 + 150 Section

There is a borehole CZK-4 in K29 + 900, and the geology condition judged by
investigation can be parameterized by geology vector (4, 4, 1, 2). The boreability
classification is 6 and the adaptability classification is 3 in this location. According to
Table 6, the corresponding state probability vector s(t1) = (0.75, 0.75, 0.6, 0.7). Then
we can list the state distribution probability of each parameter according to Table 6.
The state distribution probability vector of each parameter in posterior location can be
computed as Eq. 8.

The state with the highest probability of each parameter forms the geology vector in
a location. The probability of each geology vector is the product of the state proba-
bilities of the four parameters related to it. The probability of a classification is the sum
of probabilities of all geology vectors belong to this classification. And when the TBM
arrived at location tn, the revealed geology condition is different from the information
supplied by investigation, state distribution probability vector should be updated
dynamically by Eq. 7.

Table 5. State transformation probability matrix of each parameter.

Tr-Rc 0.5758 0.4242 0 0 0 Tr-Kv 0.5758 0.4242 0 0 0
0.0841 0.7855 0.1275 0.0029 0 0.0841 0.7855 0.1275 0.0029 0
0 0.0616 0.9260 0.0123 0 0 0.0616 0.9260 0.0123 0

0 0.0023 0.0208 0.9746 0.0023 0 0.0023 0.0208 0.9746 0.0023
0 0 0 0.0164 0.9836 0 0 0 0.0164 0.9836

Tr-W 0.9716 0.0258 0.0026 0 Tr-GS 0.8235 0.1765 0
0.0299 0.9179 0.0507 0.0015 0.0137 0.9817 0.0046
0.0145 0.2464 0.5870 0.1521 0 0.0083 0.9917

0 0.0196 0.4118 0.5686

Table 6. Likelihood matrix of each parameter.

L-Rc 0.80 0.15 0.05 0 0 L-Kv 0.80 0.15 0.05 0 0
0.10 0.75 0.10 0.05 0 0.10 0.75 0.10 0.05 0
0.05 0.10 0.70 0.10 0.05 0.05 0.10 0.70 0.10 0.05
0 0.05 0.10 0.75 0.10 0 0.05 0.10 0.75 0.10
0 0 0.05 0.15 0.80 0 0 0.05 0.15 0.80

L-W 0.60 0.30 0.08 0.02 L-GS 0.80 0.15 0.05
0.10 0.75 0.10 0.05 0.15 0.70 0.15
0.05 0.10 0.75 0.10 0.02 0.08 0.90
0.01 0.04 0.15 0.80
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From K29 + 900 to K31 + 150, the probability of each classification is computed
based on the above method at 50 m intervals. The results are shown in Fig. 2. The
boreability classification can be considered as 6. The probability of classification 6 is
decreasing along the alignment. The rock mass condition of boreability is in transition
from classification 6 to classification 5. Intuitively, the rock mass will be easier to
excavate and lower thrust is needed to break rock.

According to Figs. 1 and 2, the expectation of thrust E(T) can be calculated as
follows:

E Tð Þ ¼
X

p bið Þ Th bið Þ ð9Þ
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Fig. 2. Probability classification of borabability.
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where p(bi) is the probability of each boreability classification in this location, Th(bi) is
the thrust range offered by Fig. 1. The result of E(T) and the thrust recorded by TBM
are listed in Fig. 3. When actual thrust is within the expectation thrust range in a high
density, the penetration rate is higher. And when the most actual thrust is out of the
range, the penetration rate is quite low.

4 Conclusion

Based on field data of geology and TBM performance, an innovative comprehensive
rock mass classification method is formed. After parameterizing the geological infor-
mation, Markov Chain method is used to computing the state distribution of parameters
at 50 m intervals. The probability of each classification can be calculated. The
expectation of thrust is considered as the thrust in prediction. Comparing the thrust in
prediction with the field thrust, the high penetration rate appears when the field thrust is
in the range of predicted thrust. This method is proved effective.

All calculations can be computed by program completely. When the program is
applied in construction site, technicians only need to input the new geology information
revealed by excavation, the results will be given by program or apps automatically.
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Abstract. Guizhou Province of southwest China is known for its extensive
karst development, where carbonate rocks are strongly featured. The geological
properties and hydrogeological features of the widely distributed carbonate
rocks are particularly relevant to evolution and exploration of underground
water resources. This paper is primarily focused on a field study of various
dissolution features developed in limestone formations which originated from
three different geological periods. It was found that the most mature karst
development occurred in the Permian Qixia-Maokou Formation, indicating the
strongest potential for water resource exploitation among various geological
formations. The hydrogeological characteristics of these formations were also
studied, focusing on their subterranean river discharge rate, runoff module
number and specific capacity. The results also indicate the large water-bearing
capacity of Permian Formation of carbonate rocks in Guizhou.

Keywords: Karst � Water resources � Rock properties � Hydro-geology
Guizhou

1 Introduction

Guizhou is a southern province of China and 73.6% of its area is formed by karst
landscapes (Zhou et al. 2012), featuring an abundance of subterranean drainage sys-
tems in the karstic limestone and dolomite. The potential large capacity of geological
formations associated with underground cavities, conduits and fissures is a main
characteristic of karst (e.g., Ford and Williams 2007; Worthington and Ford 2009; Qian
and Wang 2011). For example, approximately 25% of the world’s population rely on
karst groundwater for drinking water resources (e.g., Kolliarits et al. 2006; Ford and
Williams 2007).

In Guizhou Province, karst groundwater is a major source for water supply; it
provides around 21.5 billion m3 of water, over 80% of the overall groundwater
resources of Guizhou. Karstic rocks in Guizhou mainly feature carbonates with various
lithofacies which are widely distributed across the province. Evaluation of the geo-
logical properties of the carbonate rocks in the karst terrain can have strong economic
and social impacts in the water resources management in Guizhou. This topic has

© Springer Nature Singapore Pte Ltd. 2018
L. Zhang et al. (Eds.): GSIC 2018, Proceedings of GeoShanghai 2018
International Conference: Rock Mechanics and Rock Engineering, pp. 329–337, 2018.
https://doi.org/10.1007/978-981-13-0113-1_35

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0113-1_35&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0113-1_35&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0113-1_35&amp;domain=pdf


received tremendous interest among the research communities in recent years. Gao
(1983) investigated the effects of Neotectonic movement in Guizhou’s karst develop-
ment. (Jin and Feng 1994) studied the causes of Permian limestone in Yunnan-Guizhou
areas. Luo and Song (2004) surveyed various methods of water resources identification
on the deep river valley in Guizhou. Deng (2015) examined karst development char-
acteristics and controlling factors in Bijie County. The relationship between limestone
dissolution characteristics and karst groundwater in Guizhou was also recently studied
by Wang (2017) and Wang et al. (2017).

The present study is focused on three major geological formations widely dis-
tributed in Guizhou and their relevant geological properties related to the karst
development and water capacity potential. Each formation is characterized by its
geological age. The results of field sampling and testing revolving around the fissures,
solution pits, grooves and caves in the limestone rocks, characteristic of karst devel-
opment, are reported and analyzed. Subsequently the water-bearing capacities of the
studied geological formations are studied based on the geo-hydrological records col-
lected in the last few years. The correlation between karst development and
water-bearing capacity is then examined among the three major geological formations
to identify the potential implications on water resources exploration.

2 Dissolution Features in the Karst Development

Three most widely distributed limestone strata in Guizhou were studied in this inves-
tigation: the Triassic Maocaopu Limestone Formation (T1m), the Permian
Qixia-Maokou Limestone Formation (P2q+m) and the Carboniferous Huanglong-
Maping Limestone Formation (C2−3h+m), each of which is denoted with the symbol of
its geological period and conventionally named in association with its specific location.
The Triassic Maocaopu Limestone Formation features the interbeded limestone/
dolomite; its depth ranges from 378–643 m, mainly distributed over Zunyi and Xifeng
Counties. The Permian Qixia-Maokou Limestone Formation is primarily composed of a
combination of thick, massive, crystalline, biogenic limestone and thin to medium
limestone; its depth ranges from 500–870 m, widely distributed over the entire studied
area. The Carboniferous Huanglong-Maping Limestone Formation features crystalline,
micritic, bioclastic carbonate and thick-layered structure of fine-grained limestone; its
depth ranges from 50–1240 m, located in the south of Bijie-Fuquan area.

The primary goal of the study was to determine the amount and the density of
fissures, as well as locations of dissolution pits, grooves and caves, in order to identify
the maturity and extent of the karst development in these formations. In total 21
boreholes of the three strata were drilled and investigated, 10 in the Triassic Maocaopu
Formation, 7 in the Permian Qixia-Maokou Formation and 4 in the Carboniferous
Huanglong-Maping Formation. It should be noted that the choice of boreholes numbers
and locations in each formation was largely dictated by conditions and environments
suitable for drilling at the time of field study. Typical depth of boreholes ranges from
150–200 m. Underground borehole television videos were employed in the field study.
Results are summarized in Table 1 and Fig. 1 shows the distribution of the limestone
dissolution for each formation.
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2.1 Characteristics of Dissolution Features Among the Studied Limestone
Formations

Table 1 summarizes the total number of dissolution features and in particular, the
density of dissolution fissures at each borehole. The dissolution features resulting from
limestone dissolution include dissolution pits (or so-called holes or pores) which are
characterized by small dissolution holes of a few centimeters, dissolution fissures,
dissolution grooves and dissolution caves which are reflective of advanced dissolution
and karst development. The density of features is measured in terms of the number of
features per meter depth of the formation.

Table 1 suggests that the Triassic Maocaopu Formation (T1m) may have developed
more mature system of dissolution features than the other formations investigated. All
boreholes were drilled at the same county (Xifeng County, Borehole #1–10). The strips
of dissolution features were found to range from 12–21 per hole with the average being

Table 1. Summary of dissolution features in different limestone strata.

Stratum Borehole Number of
features

Density (Number of
features per meter)

Triassic Maocaopu formation
(T1m)

Xifeng #1 15 0.094
Xifeng #2 13 0.065
Xifeng #3 18 0.100
Xifeng #4 17 0.089
Xifeng #5 17 0.100
Xifeng #6 13 0.081
Xifeng #7 12 0.08
Xifeng #8 14 0.088
Xifeng #9 14 0.082
Xifeng #10 21 0.117
Mean 15.4 0.090

Permian Qixia-Maokou
formation (P2q+m)

Dusdhan #1 9 0.113
Dusdhan #2 6 0.060
Changshun #1 11 0.085
Changshun #2 31 0.258
Changshun #3 5 0.042
Luodian #1 14 0.100
Luodian #2 5 0.050
Mean 10.9 0.097

Carboniferous
Huanglong-Maping formation
(C2–3h+m)

Changshun #4 5 0.039
Dushan #3 2 0.022
Dushan #4 4 0.033
Dushan #5 19 0.146
Mean 7.5 0.061
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15.4. The dissolution feature density, indicated by the number of dissolution features
per meter, ranges from 0.065/m to 0.117/m. The highest density appears in Xifeng #10
while the smallest density in Xifeng #2. Compared with other two formations, the
features seem to develop more uniformly.

The Permian Qixia-Maokou Formation (P2q+m) has the most widely distributed
results across the boreholes among the studied formations. The boreholes were drilled
at three counties (Dusdhan County, Changshun County and Luodian County). Their
average number of dissolution features found per hole is moderately fewer than that
from the Triassic Maocaopu Formation but the density is quite high, slightly exceeding
the Triassic Maocaopu Formation. However, it is evident that the results vary
tremendously across the boreholes. The dissolution features were found to range from
5–31 per hole with the average being 10.9. The density ranges from 0.042/m to
0.258/m with the average being 0.097/m. Changshun County apparently has some very
large amount of dissolution features and density, among which Changshun #2 was
identified with the highest density. It can be assessed that overall the Permian
Qixia-Maokou Formation has a very reasonably mature development of karst and, but

Fig. 1. Distribution of dissolution features in the karst development in (a) the Triassic
Maocaopu Formation (T1m); (b) the Permian Qixia-Maokou Formation (P2q+m); and (c) the
Carboniferous Huanglong-Maping Formation (C2–3h+m).
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its extent varies significantly and the inhomogeneity is quite strong across the stratum.
The considerable difference may be attributed to rock composition, mineralogical
structures and sedimentary history; the underlying mechanisms is worthy of further
investigation.

The Carboniferous Huanglong-Maping Formation (C2−3h+m) clearly features the
lowest quantities of dissolution features and the lowest density. The dissolution features
range from 2–19 per hole with the average being 7.5. Dushan #3 stands out with a large
number of dissolution features and a very high dissolution feature density, but the rest
were found to feature very few dissolution features. It can be concluded that the karst of
the Carboniferous Huanglong-Maping Formation has not fully developed yet and its
extent varies considerably as well.

2.2 Dissolution Features Across the Depth of the Geological Formations

Each type of dissolution features and their distribution across the depth are detailed in
Fig. 1.

The karst development in the Triassic Maocaopu Formation (T1m) clearly occurs
primarily below 60 m; almost no dissolution features were found above 60 m. Espe-
cially from 60 m to 100 m, significant amounts of various types of dissolution features
including pits, fissures and caves were identified. Below 100 m, the limestone features
almost exclusively pits and fissures only which are generally of small-scale structures
resulting from dissolution, showing a very modest karst development. In addition, most
of the investigated boreholes share such similar trends of distribution, thus demon-
strating a more uniform karst development across this formation.

In the Permian Qixia-Maokou Formation (P2q+m), fissures seem to dominate over
other types of dissolution features identified. Some fissures start to appear in shallow
underground (within 30 m); main dissolution features are concentrated within 30–
100 m and manifest in all four different types. Only small dissolution pits/holes and
fissures exist below 100 m. Although overall the distribution suggests a fairly advanced
karst development, but it varies considerably across the investigated boreholes.

The results on the Carboniferous Huanglong-Maping Formation (C2−3h+m) evi-
dently show that it undergoes a less advanced karst progression. There were only three
caves found in two boreholes; the rest features either pits or fissures, concentrated
within 30–130 m.

The presented results thus far indicate that overall the Triassic Maocaopu Forma-
tion has the most advanced karst development, closely followed by the Permian
Qixia-Maokou Formation, while the Carboniferous Huanglong-Maping Formation is
far less advanced. This order coincides with that of the geological age of these for-
mations. It may indicate that the karst progression in the studied areas is still primarily
dictated by natural processes. However, further studies are much needed to substantiate
this implication.
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3 Hydro-geological Data and Water-Bearing Capacities
in the Studied Limestone Formations

A principal consequence of the dissolution features and karst development is the for-
mation and evolution of the subterranean drainage system, as networks of caves and
conduits potentially provide a significant capacity for water resources.

3.1 Subterranean Rivers and Karst Springs in the Studied Limestone
Formations

Subterranean rivers and karst springs are two major typical features of water flows that
exist and run among the cave and conduit networks in the karst formation, and have a
strong presence in the three studied geological formations. Table 2 summarizes the
total length and quantity of the subterranean rivers in each formation, based on the
regional hydrogeological records. The percentage of the number of the rivers in the
total number of the rivers of all formations is also listed in Table 2. The subterranean
rivers in the Permian Qixia-Maokou Formation (P2q+m) almost are 10 times that in the
Triassic Maocaopu Formation (T1m) in terms of the number of the rivers, showing a
significant lead in the development of subterranean drainage network.

The record of karst springs in these formations seems to also confirm the more
developed stage in the Permian Qixia-Maokou Formation (P2q+m), as shown in
Table 3. Interestingly the percentages of springs in three formations in Table 3 are very
close to those of subterranean rivers in Table 2.

3.2 Assessment of the Water-Bearing Capacity of the Studied Limestone
Formations

Table 4 summarizes a comprehensive series of hydrogeological records regarding the
three studied formations, based on historical records (for Year 2007–2011) collected by
the Bureau of Geology and Mineral Resources of Guizhou Province and recent field
investigations.

Table 2. Summary of subterranean rivers in the three formations.

Stratum T1m P2q+m C2-3h+m Total

Length (km) 115 1,794 516 2,425
Number 29 281 75 385
Percentage (%) 7.5 73.0 19.5 100

Table 3. Summary of karst springs in the three formations.

Stratum T1m P2q+m C2–3h+m Total

Number 48 352 69 469
Percentage (%) 10.2 75.1 14.7 100
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Three major characteristics listed in Table 4, subterranean river discharge rate (L/s),
runoff module number in dry seasons (L/s/km2) and specific capacity from drilling
borehole tests (m3/day) are usually used to assess the water storage of karst aquifers
among the common practices in Guizhou. The runoff module number refers to the
runoff discharge per unit area of the aquifer. In practice, not all three parameters are
always available; however, any of these three may be used to render a general
assessment of the water-bearing capacity, rated as high (H), moderate (M) or low (L).
The ratings of these formations are also offered in Table 4. Both the subterranean river
discharge rate (>100 L/s) and specific borehole capacity (>500 m3/d) of the Permian
Qixia-Maokou Formation are very high and easily qualify it in “H” category. The mean
specific borehole capacities of the Carboniferous Huanglong-Maping Formation and
the Triassic Maocaopu Formation are considerably lower than the Permian
Qixia-Maokou Formation, but the mean discharge of subterranean rivers of the Car-
boniferous Huanglong-Maping Formation is very high, even greater than that of the
Permian Qixia-Maokou Formation. All three formations have strong dry season runoff
module numbers. Overall the capacity of the Triassic Maocaopu Formation is behind
the other two but a moderate rating seems a reasonable assessment.

It is of interest to note that the order of the water-bearing capacity of the three
formations does not coincide with that of the assessment of the karst development
discussed in the preceding section. This demonstrates the complex dynamics of the
processes involved in the karst progression and subterranean drainage systems, a direct
correlation between limestone dissolution and water-bearing capacity needs to be
treated with caution. In addition, the hydrogeological data reported herein are averaged
numbers across large amounts of testing locations; therefore their variability over the
studied areas cannot be underestimated. The limited, different amount of boreholes
among all three studied formations, primarily due to constraints of drilling conditions,
may also potentially affect the observations or conclusions resulting from the presented
data.

Table 4. Summary of hydrogeological records of the three formations and overall ratings of
their water-bearing capacities.

Stratum T1m P2q+m C2–3h+m

Subterranean river density (km/100 km2) 5.6 10.0 25.0
Mean discharge of subterranean rivers (L/s) 346.4 516.8 527.0
Dry season mean flow (L/s) 189.1 215.4 158.6
Dry season runoff module number (L/s/km2) 3.2–10 4.0–12.0 4.9–9.1
Mean specific borehole capacity (m3/d) 398.6 649.7 404.9
Overall rating M H H

Karst Development and Hydrogeological Characteristics 335



4 Conclusions

Karst groundwater is a major source for water supply in Guizhou; effective assessment
of the karst characteristics and water capacities can have significant impact on the
exploitation and management of regional water resources. The karst development is
typically manifested in the evolution of various dissolution features in the geological
formations. The present study shows that mature and strong dissolution features were
found in the Triassic Maocaopu Formation and the Permian Qixia-Maokou Formation;
but the former develops more uniformly while the development of the latter varies
significantly across the formation. The water-bearing capacities of the studied forma-
tions are evaluated based on the hydrogeological data, showing reasonably strong
potential for large water capacities from all three limestone formations. However, a
discrepancy between the order of the water-bearing capacity and that of the karst
development among the three studied formations is observed; it demonstrates the
complex dynamics of the processes involved in the karst development and subterranean
drainage systems. Further study is needed to substantiate their correlation or lack
thereof in typical limestone formations in Guizhou.
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Abstract. This paper deals with long-term stability of an ancient large
underground rock cavern complex excavated some 800 years ago in Zhejiang
Province, SE China. The rock cavern complex is characterized by complicated
geometric aligns, unique structure designs, large spans with shallow depths. Its
rock mass characteristics were firstly investigated and the favorable rock mass
quality was verified using the collected in-situ data. Distinctive quarrying
method-Digging Holes for Quarrying Vertical Flagstone (DQF) was introduced
the ancients to ensure safe excavation, it proved much smarter than modern
blast-casting method. The favorable rock mass quality, smart structure designs,
and ingenious quarrying technique were concluded to collectively lead to the
noticeable long-term stability of the cavern complex. These ancient achieve-
ments mark high level of quarrying in complicated geo-environments with
manpower, the results are positive to extend our knowledge in category design
of cavern scale and stability assessments.

Keywords: Ancient cavern complex � Stability analysis
Rock mechanics � DQF

1 Introduction

Underground openings are often excavated in certain geological environment for
engineering design, construction, operation and maintenance. Among them, ancient
rock caverns are of special values in multidisciplinary researches such as archaeology,
engineering geology and rock mechanics. In general, ancient quarrying caverns are
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mostly found to be abandoned and in turn form the integral parts of stone relics, some
of which have been acknowledged as world heritages, and their cultural relic values
have also been explored by several authors [1, 2].

As the witness of intermittent quarrying activities, the ancient rock caverns have
been experienced long-term interaction with surrounding geo-environment, thereby
resulting in some instability problems. Correlations between rock mechanics and slope
instabilities have been discussed from extensive studies of ancient rock caverns [3–5].
It should be noted that recent years, numerous ancient quarry caverns of large scale
have been reported in Zhejiang Province of China [6], these cavern complexes chal-
lenge us with long-term stabilities of large spans, which are beyond the ultimate span
expectation on current knowledge [7, 8]. The engineering scientific highlights, relating
to rock mechanics [9], structure designs [10], long-term weathering [11] and stability
mechanisms [12] have been systematically studied, these achievements are not only
complemented to ancient rock caverns inventory, but also contribute to the current
modification of specifications or guidelines for risk engineering design.

As one distinctive example, the Feifengyan ancient quarry was found in Xianju
County of Zhejiang Province, SE China. The quarry consists of numbers of inter-
connected single caverns forming a huge underground space, the caverns exhibit
special structure characteristics (e.g., arc-shaped support, bell-shaped roof and ribbed
inverted arch). Except for some local unstable mechanical behaviors, these caverns
maintain preferable stabilities, even with the long-term unsupported span over 40 m.
This contribution hereby presents comprehensive investigations of the cavern complex
to interpret its stability mechanism, and provide as analogical model for conservation
and protection of ancient quarry engineering.

2 The Feifengyan Rock Cavern Complex

Feifengyan rock cavern complex is named after the Feifengyan Hill in which it situates,
it consists of more than 30 secondary caverns, covers 30 000 m2 approximately
(Fig. 1).

Fig. 1. Layout of the rock cavern complex. a. Northeast viewing outside of the quarry gate for
the subdued Feifengyan Hill. b. Northward viewing outside No. 1 cavern. c. Plane viewing map.
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2.1 Time of Original Quarry

Near the cavern complex, there is a village (Fig. 1a) owning a mutual family-preserved
ancient book named “A genealogy of surname Guo at Xianju County”. In the book,
there is a sentence recording “In A.D. 1210, the Feifeng Temple (situated in
No. 1 cavern, see in Fig. 2b) were prosperous and attractive for tourists”. Besides, at
Feifeng Temple there exists a tablet writing “the Feifengyan rock caverns were initially
excavated during Song Dynasty (960–1279 A.D.) for flagstone materials”. Therefore, it
is reasonable to infer that the quarry was excavated no later than 800 years ago.

2.2 Geometry and Structure

The Feifengyan quarry is very huge as a cavern complex, and the individual caverns
forming the cavern complex are generally featured by large spans. Taking No. 5 cavern
for example, this cavern is divided into eastern zone and western zone due to its large
spans, the overall span of No. 5 cavern reaches to 79.8 m, making it the largest cavern
among the caverns (Fig. 2).

To further gain the characteristics of the cavern complex’s dimensions, we con-
ducted extensive mappings among these caverns by the aid of laser total station (Leica
2003) and laser-gauge-detecting device (BJSD-2B, precision: 0.1 m). The mapping
results are set out in Fig. 1c and Table 1 respectively.

It should be noted that given the considerable global size, large individual cavern
spans and shallow buried depth, the cavern complex has maintained its stability for
over 800 years. To explore its long-term stability mechanism, it is necessary to evaluate
its rock mass characterization and quarrying technique in the followings.
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Fig. 2. Diagram showing the dimension of No. 5 cavern. a. Plan view of No. 5 cavern. b.
Outline of No. 5 cavern derived from Sect. 1. c. South viewing inside No. 5 cavern.
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3 Rock Mass Characterization

3.1 Mechanical Strength of Intact Tuff Specimens

Triaxial compression tests were performed on NX size samples prepared according to
ISRM standard. Table 2 lists tests results of specimens retrieved from intact rocks,
according to related standards and specifications, the tuff belongs to hard rocks.

3.2 Rock Mass Structure

Discontinuities are relatively well developed in the cavern complex. For instance, in
No. 2 cavern, there expose 25 joints in a sidewall of 15 m length (Fig. 3a), and the
joints present steeper angles with preferable extension.

Discontinuities in the cavern complex are mostly clean joints, only several joints
are open (1–5 mm) with little argillaceous infilling materials. Almost all the observed

Table 1. Dimensions of some main caverns in the cavern complex

Number Surface
elevation/m

Roof
elevation/m

Floor
elevation/m

Height/m Buried
depth/m

No. 3 142 97–107 94.7 2.3–12.3 35–45
No. 5-W 142 87–105 79 8–26 37–55
No. 5-E 145 82–85 74 8–11 60–63
No. 6 140 82 73 9 58
No. 9-E 125 84–87 76 8–11 38–41
No. 11 125 89 82 7 36
No. 12–17 110–120 84–87 77 7–10 25–32
No. 18 115–120 81–86 76 5-10 31–36
No. 19 115–120 81–84 76 5–8 34–37

Table 2. Mechanical properties of laboratory test for intact rocks

Lithology UCS (MPa) E (GPa) l C (MPa) u �ð Þ Rt (MPa) Kw

Tuff 90.29 20.66 0.258 14.2 42.69 9.852 0.927
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Fig. 3. Distribution features of the discontinuities. a. Sketch of discontinuities (location: western
sidewall, No. 2 cavern). b. Rose diagram of discontinuities strikes.
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joints are persistent and narrowly spaced. Bedding planes are absent on the rock mass
scale, the exposed rocks in the cavern complex suffered slight weathering. A total of
143 discontinuities were measured and mapped in the cavern complex (Fig. 2b), many
joints transect the caverns and exhibit trace lengths of tens of meters. The primary
discontinuities developed with the occurrence of N50°–90°E, NW\70°–90°, and most
of the strikes are N50°–90°E, dominated by N70°–80°E.

3.3 Prediction of Rock Mass Quality

Based on the results of site investigation, mechanical test data and rock structure
characteristics, the Q [13] methods are used to evaluate rock mass quality of the cavern

complex, the results are set out in Table 3.
The response of Q system to strength can be represented by the SRF parameter

which incorporates the strength/stress ratio (rc/r1). If we consider a typical cavern
(No. 5 cavern) with an average buried depth of 50 m (see in Table 1), the maximum
tangential stress is 1.0 MPa approximately, and the SRF value can be returned as 90
roughly. Taking the Excavation Support Ratio (ESR) into consideration, the values of
ESR are 3–5, 1.6 for temporary and permanent mining openings, respectively [14]. The
corresponding maximum unsupported spans are 30–50 m, and 16 m. It shows that the
predicted unsupported spans by Q system are not far from the unsupported spans that
are measured in the cavern complex (Table 1), assuming an ESR suitable for temporary
mines. Considering the original purpose of the cavern complex, an ESR of 5 would
have been appropriate, for these caverns were initially designed as temporary under-
ground quarries and not as long-term material disposals or dwelling facilities.

The collected in-situ data suggest that the Q system provides relative rational
prediction in this case. Many singular caverns, with the observed unsupported spans of
more than 10 m, are free of signs of deterioration, and they have been remarkably
self-stabilizing for over 800 years.

Table 3. RMR and Q classification for Feifengyan rock mass

Item Index Rating

RQD Excellent 90
Number of joint sets (Jn) One plus random 3
Roughness (Jr) Rough/irregular, undulating 3
Degree of alteration (Ja) Unaltered 1
Water inflow (Jw) Dry excavation 1
Stress reduction factor (SRF) (rc/r1) 90/1.0 = 90 1.0
Q (grade) 90 (Very good)
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4 Quarry Mechanism

During the in-situ survey, we found lots of quarrying traces in the cavern complex,
these are small holes left in waste rocks and rows of holes regularly arranged on
sidewalls (Fig. 4a). Inquiries of local craftsmen indicates that the ancient craftsmen
used short chisel and hammer to manually quarry flagstones, just like splitting blocky
sheets from vertical sidewalls. This quarrying technique was called Digging Holes for
Quarrying Vertical Flagstone (DQF), it follows the procedures as: (1) determine the
shape and dimension of the flagstones to be quarried, these flagstones are usually
rectangular, and about 1.0 m wide, 3.0 m high, 80–100 mm thick (Fig. 4c). (2) Des-
ignate its position in vertical sidewall. (3) Groove along the bottom, left and right
boundaries of the flagstone, the depth of these grooves should be deeper than that of the
flagstone, usually 100–120 mm deep. (4) Dig holes along the top boundary of the
flagstone, these digging holes are regularly arranged at an interval of 30 mm, and
upward incline at 20°–35° so as to easily get the flagstone with uneven margins
(Fig. 4b). (5) Penetrate the chisel into these holes, strike in sequence by the hammer to
produce fracture around singular holes until these fractures connected with each other
dissecting the left, right and reaching the bottom boundary groove. Finally, the stone
decoupled from the sidewall as a flagstone.

In some cases, the mostly vertical joints outcropped on the sidewall are used instead
of lateral grooves to quarry flagstone. At some quarrying sites, we measured the
orientation of flagstones and the occurrence of virgin joints developed in their lateral
side, the results are set out in Table 4. This replace of grooves by joints can save the
grooving time, and increase the rate of stripping to improve quarrying efficiency.

The DQF technique has also been reported to use in the other ancient quarry not far
from the Feifengyan quarry, He et al. [15] have pointed out that this quarrying tech-
nique is concordant with the principle of modern fracture mechanics. And the

Fig. 4. Plates showing the traces of flagstone quarrying. a. A row of small digging holes left in
rock pillar. b. Plane and section showing the small digging holes. c. Discard flagstone quarrying
site.

Stability of Large-Scale Rock Cavern Complex at the 800-Year Feifengyan Quarry 343



fracturing mechanism revealed by 2-D numerical simulation (FEM) also explained that
the cracks produced by striking chisel in the holes originated at the top boundary,
propagated to grooves to spall the flagstone from surrounding rocks [16].

The DQF provides state of the art quarrying technique in ancient times, the
excavation speed is slow, for the equipment employed is limited at that time. But it is a
safe method because the induced excavation damage zones are much smaller compared
with modern blasting and casting technique, which is faster yet subsequent effective
measures must be taken so as to eliminate negative impacts on surrounding rocks. This
comparison reminds us how to strike a balance among efficiency, safety and
geoenvironment-friendly of the underground opening.

5 Summary and Conclusion

The Feifengyan ancient quarry with more than 30 interconnected singular caverns
forms a huge underground rock cavern complex in an area of 30 000 m2. Given its
considerable global size, large individual cavern spans and shallow buried depth, the
rock cavern complex have been standing unsupported for more than 800 years.

• There primarily develops one set of discontinuities, their traces are commonly
observed in the cavern complex. Rock mass quality assessed by Q system returns
realistic unsupported span prediction for the cavern complex.

• The DQF is characterized by the delimitation and breaking process, equipment is a
limiting factor for the state of the art quarrying technique at ancient times. Com-
pared with modern quarrying technique, it is a slow and long process, but it is safe
and environment-friendly. It marks a high level in complicated geo-environment
with manpower.

In conclusion, the relatively favorable rock mass quality, smart quarrying technique
collectively lead to the remarkable long-term stability of the cavern complex. These
results are positive to extend our knowledge on category design of cavern scale, and
provide a distinct analogical and extrapolative model for stability assessment.

Acknowledgement. The work presented in this paper is financially supported by the National
Natural Science Foundation of China (41172269, 41372322), the authors would also like to express
their sincerest gratitude to the anonymous reviewers for their valuable and constructive comments.

Table 4. Cases showing the use of joints to replace lateral grooves for flagstone extraction

Quarry sites Orientation of the
flagstone’s surface

Occurrence of joints developed in lateral
sides of the flagstone

North wall of
No. 18 cavern

N10°W N85°E, SE\85°

No. 24 pillar of
No. 9E cavern

SN, E\80° N84°W, ⊥; N85°W, ⊥

No. 12 pillar of
No. 9E cavern

N7°W, SW\78° N82°, NE87°

No. 15 cavern N30°E, ⊥ N58°W, SW75°
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Abstract. Interaction between TBM and the surrounding rock masses is consist
of the cutterhead-block interaction and shield-block interaction, leading to the
stability consideration of TBM tunnels. The equilibrium equation of removable
blocks is derived by taking into consideration of the interaction forces and the
net sliding forces of moving modes is also deduced. For different types of blocks
in terms of the new classification of blocks in TBM tunnels, sliding and falling
will happen for rear blocks, while front blocks and corner blocks will only
experience sliding motion.

Keywords: Block theory � Tunnel � TBM-block interaction
Mechanical analysis

1 Introduction

Rock blocks together with the geological planes constitute a complex discontinuous
system, of which the geometrical and mechanical properties are dominated by the
discontinuous planes, such as faults, beddings and joints. When tunnelling in the
blocky rock masses, the tunnel boring machine (TBM) excavates the surrounding rock
and therefore the interaction forces between them come into action. The interaction
includes normal contact force along the tunnelling direction, tangential friction force
parallel to the excavation face and the friction force between the shield and surrounding
rock. The normal and tangential forces reflect the interaction of excavation face and
cutterhead. However, the interactional friction force between the TBM shield and
surrounding rock is often considered to distribute only in the lower part of the circular
tunnel [1]. Stability of TBM tunnels in blocky rock mass is a synthetic issue of the
combination of rock blocks and the interaction forces.

The paper analyzes the normal and tangential interaction forces from the cutter-
head. The net sliding forces of moving modes are obtained by substitute the above
interaction forces into the equilibrium equation, which is derived from traditional block
theory. In the view of new classification of blocks in contact with TBM, mechanical
features and moving modes of different types of blocks are illuminated.
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2 Interaction Between TBM and Rock Mass

During TBM advancement, the cutterhead and the rock blocks on the excavation face
form a complex mechanical system where they are coupled and interactive. The
interaction forces include: (a) the cutterhead-block interaction induced by the cutter-
head progression and rotation and (b) the shield-block interaction due to the contact of
shields and the surrounding rocks.

2.1 Cutterhead-Block Interaction

Tunnels are excavated by cutterhead progression and rotation causing the formation of
concentric circular grooves on the working face (Fig. 1(a)). The interacting forces
between rock mass and TBM at the cutterhead include: (a) normal contact force by the
cutterhead progression and (b) tangential forces induced by annually-distributed fric-
tional forces due to cutterhead rotation (Fig. 1(b)).

Assuming that the ith surface of block B is formed by excavation face, then the
normal force is derived as follow:

FB
n ¼ Fn � Nc � A

i

Sc
ð1Þ

where FB
n is normal force induced by one cutter, Nc is the number of cutters on the

cutterhead, Ai is the area of the ith surface and Sc is the area of the cutterhead.
The tangential force is expressed as:

FB
t ¼ Ft � Nc � A

i

Sc
ð2Þ

For hard rock TBMs, Fn is in a range of 0–400 kN and Ft lies between 0 and 35 kN
[2, 3].

Fig. 1. Schematic diagram of cutterhead-block interaction: (a) grooves by cutters (from Benato,
Oreste 2015 [4]); (b) cutterhead-block interaction forces
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2.2 Shield-Block Interaction

The interaction forces between surrounding rock and the shield is dependent on the
overboring magnitude and ground convergence.

In blocky rock masses, there is free space between shield of TBM and the sur-
rounding rocks before convergence [5]. Therefore, only the bottom of the shield will be
in contact with the rock mass. The compressing region is considered to be a 1/4 invert
of the tunnel perimeter [1, 6]. This part of bedrock lies the shield and bears a portion of
the TBM weight, causing radial pressures on the rock blocks which direct inside the
blocks.

Blocks in this region are stable due to the downward weight and the pressure
forces, which are supported by bedrocks. So the shield-block interaction can be ignored
for its positive effect on the stability of tunnels.

3 Mechanical Analysis of Removable Blocks

This part mainly deals with the mechanical features and sliding modes of removable
blocks in view of the new classification of blocks in contact with TBM.

3.1 Shield-Block Interaction

According to the traditional block theory [7] in Fig. 2, the equilibrium equation of
block B is expressed as

N
* þ T

* þFr
* ¼ 0 ð3Þ

where N
*

is the reaction force on the sliding plane represented by Eq. (4), T
*

is the

tangential frictional forces along the sliding plane as expressed in Eq. (5) and Fr
*

is the

resultant of all other forces acting on block B. In this paper, Fr
*

mainly includes
self-weight of block B and interactive forces from TBM as shown in Eq. (6).

Fig. 2. Schematic diagram of forces on a removable block
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N
* ¼

X
Nini

* ð4Þ

where ni
* is the normal unit vector of plane i, directing into the block B.

T
* ¼

X
�Nitan/i s

* � Fs* ð5Þ

where T
*

is the tangential frictional forces, in the opposite direction of si
*. si

* is the sliding
direction. /i is the friction angle of plane i. F is the fictitious force, also called net
sliding force.

Fr
* ¼ G

* þFB
n

*

þFB
t

*

ð6Þ

where G
*

is the self-weight of block B.
Due to the existence of the net sliding force F, this equation is feasible. The sign of

F represents the equilibrium state of block B. When F is positive, the block B tends to
slide along some plane(s) without essential support. On the contrary, a negative
F indicates that the block B is stable. Obviously, if F equals to 0 the block B is at limit
equilibrium status.

3.2 Moving Modes of Contacting Blocks

For three traditional moving modes, i.e. falling, sliding along one single plane and
sliding along the intersection line of two planes, the net sliding force can be derived in
Eq. (7), respectively.

F ¼ Fr
*

���
���

F ¼ Fr
* � s* � Nitan/i

F ¼ Fr
* � s* � Nitan/i þNjtan/j

� �

8
>><

>>:
ð7Þ

In terms of the spatial location with respect to cutterhead, blocks contact with TBM
can be categorized into three types: Front Block, Rear Block and Corner Block [8]. As
shown in Fig. 3, Front Block is defined as blocks formed by geological discontinuities
and the excavation face and is located in front of the excavation face and next to the
cutterhead. Rear Block is defined as blocks determined by geological discontinuities
plus the tunnel perimeter and is located at the rear of the cutterhead and next to the
shield. Corner Block is those blocks located at the face-wall corner of the tunnel. The
outer boundaries of Corner Blocks simultaneously include joint planes, the excavation
face and the tunnel circumferential periphery. According to spatial positions relative to
the cutterhead, front blocks and corner blocks will experience both normal and tan-
gential forces, while the rear blocks is free of interaction forces.

Confined by the outer boundaries, different types of contacting blocks have dif-
ferent kinematic modes. Sliding and falling will happen for rear blocks, while front
blocks and corner blocks will only experience sliding motion due to the deviation of
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gravity from the normal of excavation boundaries. Figure 3 summaries the moving
modes of three types of contacting blocks.

4 Conclusion

This paper discusses the interaction forces between the rock mass and TBM, including
the cutterhead-block interaction and shield-block interaction. Cutterhead-block inter-
action is consist of normal contact force and tangential frictional force, which can be
determined from forces of single cutter on the cutterhead. Due to its positive effect on
the stability of TBM tunnels, the shield-block interaction is ignored in this study.

Afterwards, the sliding forces of three types of moving modes are derived from the
ultimate equilibrium equation by applying the interaction forces. Classifying contacting
blocks into Front Block, Corner Block and Rear Block, the paper indicates: sliding and
falling will happen for rear blocks, while front blocks and corner blocks will only
experience sliding motion.

Future research will analyze the relationship between the stability of TBM tunnels
and the magnitude of interaction forces. Furthermore, a computer-aided program will
be developed.
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Research Program of China (973 Program, No. 2014CB046905), the National Science Foun-
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Abstract. Geostress is the basis for mining and geotechnical engineering
designs, and dynamic disaster preventions. And the geostress inversion is a
mathematical procedure that to calculate and extend the geostress field distri-
bution base on a handful of measurement results. In order to make use of fine
distribution characteristics of geostress field to evaluate the rock burst risk in a
target area, this study carried out corresponding research contents for a deep
mine in Shandong Province: (1) Conducted site measurements of geostress by
means of hollow inclusion method; (2) Developed a complex 3D geological
model based on multi-software to inverse and reconstruct the complex geostress
fields coupled with multiple linear regression (MLR); (3) Compared the
microseismic monitoring results with 3D geological model nephogram and
provide theoretical basis for rock burst risk evaluation and regionalization in
target area. Results showed that the reconstitution of 3D geological model gave
well agreement with experimental results. The geostress evaluated results of 3D
model of were consistent with the actual rock burst risk situation. The rapid
constructed 3D geological model construction was expected to provide a certain
reference meanings for geostress analysis to similar mines.

Keywords: In-situ stress � Modeling and inversion � Hollow inclusion
Evaluation � Microseismic

1 Introduction

Currently, rock burst is one of the most threatened dynamic disasters in deep coal
mines. Plenty of practices indicated that the regional geostress field distribution was
closely related to unstable geological factors, such as roadway surrounding rock
instability, ground pressure, and coal-gas outburst, etc. (Kang et al. 2007;
Manouchehrian et al. 2012). Meanwhile, geostress measurement and inversion also is
considered as a key factor to prevent and control the impact of ground pressure and
consequently ensure the safe and orderly production of mine. For a mining engineering
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area, corresponding studies on its stress field distribution analysis and inversion are of
important significances on development of underground production activities and
prejudgments on unknown disasters. These advantages of are beneficial to provides a
theoretical basis for efficient, orderly and safe production of mine (Cai et al. 2010;
Monjezi et al. 2011; Matsuku et al. 2004; Chen et al. 2013).

In order to investigated the geostress field distribution and inversion of coal mines,
3D geological models had been used by several researchers (Yuan et al. 2011; Pei et al.
2014; Xiang et al. 2015). Yuan et al. (2011) presented a method to carry out 3D
geological model by using AutoCAD-ANSYS-FLAC3D simulation. Attributed to the
inaccuracy caused by AutoCAD geometrical model, a relatively larger deviation
between simulations and experiments was generated. To minor the deviation before
input to ANSYS, the AutoCAD data was extended by MICROMINE, GOCAD or
SURPAC (Pei et al. 2014), in which the data was optimally extracted and recon-
structed. Benefited from the data optimization procedure, the mesh of geometric
models was optimized and simulated results gave better agreement with experimental
data using FLAC. Ji et al. (Xiang et al. 2015) developed a 3D geological model for the
evolution of coal mine rock burst based on Visual C++ designing, in which the
complex geological form was automatically meshed with more refinement partition. To
a certain extent, those methods above compensated the time-consuming and tedious
drawbacks of numerical simulations corresponding to a complex geological mine form.

The geostress inversion of was a subsequently inversed step of the initial stress field
based on actual measurement data. Many researchers investigated the geostress field
inversion in allusion to different mine bodies. The surrounding rock’s stress field
distribution of deep roadway was obtained by Luo et al. (2010) through directly
measured the geostress in roadway. Zhang et al. (2010) carried out geostress field
inversion in an exploration area by measuring the geostress via hydraulic fracturing
technique in the deep hole. To receive an accurate calculation and expansion on
geostress inversion distribution, accelerate optimization algorithm was utilized by
Wang and Li (2015). However, owing to the anomalous features (such as fault and fold
etc.) of a coal measure strata, it is difficult to develop a 3D model to descript the
development and distribution of geostress field. A common method is to simplify the
complex geological model, which was regulated and numerical calculated by using
numerical simulation software (such as FLAC). But the calculation results obtained by
this method are incapable to describe the actual stress field distribution accurately.

Based on the analysis above, the relevant research about “Modeling and Inversion
of Complex 3D Geologic Field Stress and its Application in Rockburst Evaluation”
was performed in this paper. Our studied target was a coal mine (located in Yuncheng,
Shandong Province) that included three main productive coal seam (seam thickness:
4.75–7.80 m, and seam depth: 530 m–1200 m). In 2014–2015, there were 6 recorded
accidences caused from rock burst disasters, therein four were gave rise to the tail-entry
of 1301 working face which was induced by mining advance of 1300 work face.
Figure 1 shows a typical rock burst happened in October 9, 2015, which located in
1300 workface. These accidences caused huge economic losses and seriously threat-
ened the safe production of mine.

Therefore, the geostress field distribution and inversion of three mining areas of this
coal mine were investigated by comparing with the results measured from hollow
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inclusion stress relief method. Based on these results, the regional geostress parameters
as well as variation features were accurately provided for coal roadway stability
evaluation, mining field geostress control, and rock burst prevention.

2 Hollow Inclusion Measurement and Field Application

2.1 Hollow Inclusion Method and Filed Testing

Considering the integrated mine existing conditions, measurement precision and
technology maturity, we chose the hollow inclusion borehole stress relief method for
3D geological model construction and corresponding geostress inversions of the target
of deep coal seam. Geostress measurement target areas and corresponding drilling
borehole were depicted in Fig. 2. The approximately horizontal borehole was drilled on
surrounding rock of roadway in 133 mm diameter, which was obtained by using a
small drill bit hollow bag hole (in 370 mm length and 40 mm diameter) and drawing
out the drill pipe (5 cm) after the formation of hole.

The surrounding rock strain collecting system in this study was a KJ327-f mine
pressure monitoring system with a KX-81 hollow package strain sensor, as shown in
Fig. 3. The main geostress measurement process could be successively summarized as
four steps: geological borehole drilling (GBD), the borehole cleaning, hollow package
installing, taking the guide bar, and geostress relieving. The borehole in GBD step was
located in a roadway with favorable lithology area. The piercer was aforehand cleaned
and dried with acetone impregnated gauze two times.

Fig. 1. Rock burst disaster in a coal mine

Fig. 2. Target area of geostress inversions and boreholes’ arrangeement
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2.2 Data Processing and Analysis

According to the field measurement (collected strain value, elastic modulus, and
Poisson’s ratio), the geostress magnitude and direction, maximum and minimum
geostress value and so on (P1–P4 in Fig. 4) were obtained and summarized in Table 1
(MV is the measured values).

It could be found that the azimuth angle ranged from 90o–240o, and included angle
between the maximum measured geostress and horizontal plane are fluctuated nearby
20o. The maximum geostress value was 1.09–1.95 and 1.40–2.20 times to the value of
minimum geostress and vertical geostress. It indicated that the maximum principal
geostress direction of the mining area was in accordance with the horizontal direction,
which inferred the regional geostress field was dominated by horizontal tectonic stress
field. Thus, the corresponding gravity stress and tectonic stress ought to be taken into
major consideration.

(a) hollow inclusion cell    (b) data acquisition instrument (c) rock core in the site

Fig. 3. Testing system of stress relief by borehole overcoring technique
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Fig. 4. Network diagram of the main stress distribution

Table 1. Result of in-situ rock measurement

No Depth/m r1 r2 r3

Azimuth/(˚) Inclination/(˚) MV/MPa Azimuth/(˚) Inclination/(˚) MV/MPa Azimuth/(˚) Inclination/(˚) MV/MPa

P1 −894 239 19.75 34.5 −9.31 45.09 24.6 133.1 38.31 17.7

P2 −880 94 18.61 30.2 15.49 −28.87 22.9 156.46 −54.63 18.7

P3 −810 230 −5.82 38.7 −42.17 23.47 35.5 153.44 −65.73 17.6

P4 −1030 180 15.01 33.5 84.66 20.48 22.8 124.09 −64.19 20.1
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3 Rapid Construction of 3D Model

3.1 Modeling Details and Its Implementations

To reduce the geostress inversion error generated from imprecise of numerical simu-
lation, it was important to construct a geometric model which approximates the actual
topography of coal mine before 3D modeling. In our present study, a new method for
large-scale complex 3D geological model was presented based on coalesce of
3DMINE, GOCAD, SURFER, RHIRO, ANSYS and FLAC3D. Such method was
further utilized to inverse the geostress field of a deep mine area in Yuncheng Coal
Mine (Shandong Province, China). It should be pointed out that the construction
process of 3D geological model can be divided into five parts: contour lines generation,
discrete lattice generation, data grid processing, irregular surface generation, and
geometric model construction. Figure 5 depicted the modeling process which was
based on the gradually constructed idea of point-line-surface-volume.

The regular modeling method was common used in conventional numerical sim-
ulations. Attributed to its inflexibility and software dependency, it is difficult to fully
express the fluctuation of quality body, fault structure, and other information. In order
to precisely describe the complex formation structure, we used the drilling information
to generate a rock interfacial contour, which was further developed to complex geo-
logical of line structure and surface structure to improve the accuracy and reliability of
numerical simulation.

Borehole data input

Rock stratum contour lines 
generation

Data preprocessing and 
checking

Normalize data input and 
storage

Maintained contour lines and 
input 3D coordinates(x,y,z)

Uniformly gridded the 
characteristic points of 

contour lines

Converted to readable igs 
format data for ANASYS

Mesh generation and 
attribute assignment by 

ANSYS

Imported to FLAC3D for 
numerical calculation

Converted the model into 
*.flac3d file by 

ANSYS_TO_FLAC3D

Modeling and meshing

Converted point data into igs 
file, igs413

Contour lines gridding and 
lattice coordinates generation

Contour lines of roof, floor 
and key strata contact surface 

construction

POINT

LINE

PLANE

VOLUME

Fig. 5. Process of 3D numerical modeling
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3.2 3D Numerical Simulation

It is believed that FLAC3D software is a powerful software in mining and geotechnical
engineering attributed to its attractive advantages of numerial calculation and analysis.
Nevertheless, the modeling capabilities of FLAC3D are restrained by the manual
modeling method using command flow, which is difficult to makes the modeling.
The ANSYS finite element program has powerful pretreatment function on data pro-
cessing. Therefore, we used the ANSYS software to grid the 3D geometric model
which was subsequently imported into FLAC3D to perform numerical calculation. The
modeling process was significantly simplified and then improved the efficiency and
precision of numerical simulation. Based on field measured information, the various
working conditions formed by the initial geostress field were set as undetermined
factors, which were further used as boundary conditions and loads and applied to the
computational model. Figure 6 showed the numerical results of the above six factors in
3D finite element model.

4 Inversion and Reconstruction of 3D Geostress Field

4.1 3D Geostress Field Modeling and Inversion

The multivariate regression analysis was calculated based on the assumption that the
tectonic stress obeyed a given distribution basis. Generally, the geostress value was
obtained through field measurement (Sect. 2), which was further used to perform
regression analysis to obtain corresponding regression coefficients. In this study, the 3D
geologic field model was constructed and calculated by using numerical simulation
coupled with multivariate regression analysis. The procedure could be briefly described
as: (1) A large 3D model was constructed based on the geologic exploration data in
studied area. (2) According to the geostress theory, affecting factors on geostress
distribution was studied through numerical simulation, such as weight factor (OWF),
etc.. (3) The geostress multi-regression equation of measured points was derived
according to the stress linear superposition principle, in which the factors (i.e. OWF,
etc.) being the independent variables. (4) The coefficients of the multi-regression
equation were estimated via least square method by minimizing residual sum of squares
(RSS) objective function between measured data and multi-regression equation.
(5) Once coefficients were obtained, the regressive equation was substituted into
numerical model to carry out iterative computations via FLAC3D with known boundary
conditions.

Z

X

Y

Fig. 6. Main stress distribution of 3D numerical modeling
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The multi-regressive calculation was coded in MATLAB® with vector component
data measured in FEM model. According to Cholesky decomposition method, we can
calculate any point initial stress r in the given region (Qiu et al. 2003). The initial stress
rjp can be decomposed as follows:

rjp ¼
Xn

i¼1

Lir̂jp j ¼ 1; 2; . . .; 6ð Þ ð1Þ

in which r̂jp is the calculated results of geostress at measurement point p, L is
regression coefficient of the model. The corresponding regressive result led to an
equation using field measurement data detailing in Sect. 2 and Eq. (1):

r ¼ 3:2906þ 0:3195rsw þ 0:7883rwc1 þ 0:4198rwc2 þ 0:7579rwc3
� 0:3314rwc4 þ 0:6667rwc5

ð2Þ

where r denotes self-weight, tectonic stress corresponded to the six working
conditions.

The satisfied high correlation coefficient (R2 = 0.8826) indicated the result of
multi-regression could be described the inversion results well. Theoretically, as for any
points of 3D geologic model, corresponding values of geostress vector component
could be obtained once their coordinate was ascertained. Thus, the corresponding
geostress values were calculated through the procedure of: (1) Regressive coefficients
of Eq. (2) were substituted into corresponding working condition model and multiplied
by initial condition; (2) The working conditions were subsequently imported into
geometric model of FLAC3D via stepwise loading method, i.e. seriatim loaded and
overlapped the six working conditions; (3) The initial geostress field of the studied
region was obtained by the proceeding of elastic-plastic calculations.

4.2 Comparisons Between Inversion and Measurements

Table 2 detailed the multi-regression results of geostress inversions, MV is the field
measured values, CV is the calculated values. It could be found that errors (e) of shear
stress referred to the normal stress were relative high, mainly since shear stress itself is
relatively minor. The mean square errors (D) of shear stress were also higher than that
of normal stress (the lowest 2.21%), which considered the total fitting goodness of
positive stress (relevancy) was the highest one.

Thus, the following conclusions could be drawed: (1) The geostress inversion of
3D geologic model gave a relatively satisfied consistency to experimental data with
mean errors of 24.18% (for normal stress) and 155.51% (for shear stress), respectively.
(2) Most of the regressive values were closed to measurements except stress vector
component values of several points.
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5 Field Application and Comparative Analysis

5.1 Application in Mining Field

In order to show and observe the regional geostress distribution of Yuncheng coal mine,
the geostress inversion and reconstruction result was projected ontoAutoCADdiagram to
obtain the distribution of the maximum principal stress (SMax). Figure 7 showed the
mapping of geostress of No. 1 mining area was simulated according to the drilling
information. It indicated that the distribution of vertical stress was highly related to coal
seam yield, burial depth, and spatial form. By comparing to the contour lines, an obvious
upturned “scalloped” area with blue rendering was found with a high vertical stress value
of*35 MPa. Referring to the above drilling information, the height of such regional coal
seam was *1200 m, while the calculated elevation was *800–1000 m as depicted in
cylindrical diagram of outer ellipse shell (Fig. 7). It was interesting that the points of P2
and P4 (Table 1) also directed to the elliptic region. This phenomenonwas in accord with
the measurements and suggested that being fold (buried deep of coal seam) was an
important reason accounted for the occurrence of “stress concentration zone” in studied
region. While the vertical stress in coal rock seam presented as a rising trend with
trapezoidal shape. Such results illustrated that the vertical stress was related to its depth.

Table 2. Comparison between MV and CV of field stress.

Stress components Result Number of Testing Point
(unit: MPa)

Average error Mean-square error

P1 P2 P3 P4

rx MV 28.82 29.2 36.7 22.46 33.43% 16.32%
CV 22.42 18.53 24.68 31.94

ry MV 24.92 21.77 34.46 32.63 8.26% 5.20%
CV 27.33 21.05 29.86 30.44

rz MV 23.06 20.83 20.64 21.31 30.86% 2.21%
CV 14.56 23.69 14.66 30.66

sxy MV 5.98 −0.02 2.77 0.27 367.84% 38.38%
CV 3.24 −0.28 2.37 0.57

syz MV 0.69 −1.99 18.01 −3.26 82.06% 11.91%
CV 0.18 1.37 16.15 −0.81

szx MV 5.14 2.98 −8.66 0.86 16.62% 14.01%
CV 6.05 2.39 −6.25 0.85

1300 coal face
1301 coal face

Fig. 7. Target area of geostress inversions and boreholes’ arrangement
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From the Fig. 7, we can find that SMax of 1300 workface is up to 29 MPa which is
greater than the uniaxial compressive strength (UCS) of coal. With the increase of
buried depth, the SMax becomes higher gradually. So the SMax in 1301 workface is
higher than 1300 workface. Therefore, along with the working face 1300 being
advanced, the area adjacent the 1301 workface will influenced by the dynamic pressure
from 1300 workface advancing and high static stress of field.

5.2 Evaluation and Verification of Rock Burst Risk

It should be noted that the 1300 working face had a possibility of rock burst with coal
seam thickness of 7 m and mining depth >800 m. Based on aforementioned geostress
inversion and microseismic monitoring results, the multi-factors coupling evaluation
method was used in rock burst risk evaluation in allusion to 1301 working surface.
Risky distribution was delineated in Fig. 8 where red, pink and white denoted the
high-risk, general-risk, and non-risk area, respectively. By means of this division, risk
level in coal mine can be determined quantitatively and corresponding prevention
measures are expected to be carried out efficiently in mining operations.

At the same time of geostress inversion, we introduced the microseismic moni-
toring system for the aims of rock burst monitoring and warning. Figure 9 showed the

coal pillar
1300 coal face

1301 coal face

general risk area
high risk area

Fig. 8. Rock burst risk evaluation of 1301 working face

1300 coal face

1301 coal face

coal pillar 

Fig. 9. Microseismic event distribution in the 1300 and 1301 work face
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microseismic measurement results of the studied coal mine. This figure showed lots of
microseismic events appeared around the working face, especially at recovery process
of 1300 working face. Possible reasons for microseismic events appearance could be
accounted for two factors: on one hand, the microseismic events were generated by the
working face mining, which led to a broken of initial rock stress and subsequently
induced a supported pressure peak; on the other hand, the microseismic actually was
related to the high geostress value state in studied region.

The geostress distribution nephogram (Fig. 7) showed a maximum principal
geostress in 1300 working face was 30–40 MPa, which was quite greater than uniaxial
compressive strength of coal seam. It hinted that microseismic was induced by geos-
tress concentration during recovery process on working surface (Fig. 9). The geostress
concentration phenomenon was in accordance with the massive microseismic events as
well as the high energy microseismic events. Therefore, the geostress distribution in
studied region could be indirectly reflected and verified by microseismic monitoring.

It is believed that inversion and analysis works for mining area initial geostress field
are complicated and overloaded. In this study, the mulit- regressive value of most
measurement points were similar to field measured data, excepted geostress vector
component value several points which were caused by factors of borehole number,
regression calculation, numerical simulation results, measurement error, etc.. To obtain
more real and reliable fitting results, it is considered that the advance multifarious
measurements and the guarantees on accuracy and precision of field data are necessary.
In addition, the test and optimization of inversion methods are also important in future
work.

6 Conclusion

With the gradual increase of mining depth, the factors of geostress, temperature, and
flood etc. will seriously affect the mine safety and bring new challenges to safe and
efficient mining task. This study developed a rapid method for large, complex 3D
geological model construction. The constructed 3D geological model was further used
in geostress inversion and reconstitution of a coal mine based comparisons between
simulation and measurements. Corresponding the above studies, following conclusions
were obtained:

(1) The drilling stress contact method was used to measure the geostress of
No. 1 mining area of Yuncheng coal mine by setting four monitoring point.
Results showed that the first major stress in original rock was horizontal stress that
1.09–1.95 and 1.40–2.20 times to the minimum value and vertical stress
respectively with a direction range of 94º–239.58º. The geostress orientation has
certain relevance to regional geological structure.

(2) 3D geologic model was rapid constructed by combining with multiple softwares
for geostress analysis. Results indicated that the noval method were fast and
accurate for 3D geological model constructions, and could effectively solve dif-
ficult problems about low efficiency and grid partitioning difficulties.
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(3) Regional geostress field model of No. 1 mining area was obtained by inversion
and reconstruction using multi-regression method. The mathematical expression
model of geostress field in the target inversion region was obtained using
regression coefficients. Comparative analysis showed that mean error of the
positive stress and shear stress was 24.18% and 155.51% respectively. The cal-
culation value reflected the distribution characteristics of geostress field to a
certain extent, which could provide a basis for later mining design and safety
analysis.

(4) The distributed regularity of geostress in No. 1 mining area was obtained from the
reconstruction of horizontal stress field in −1000 m–−800 m depth. Based on
geostress inversion and microseismic monitoring results, the risky distribution of
1301 coal face was obtained and verified by multi-factors evaluation method.

Acknowledgment. The authors gratefully acknowledge financial support from the National
Natural Science Foundation of China (No. 51604115, 51504096), the Fundamental Research
Funds for the Central Universities (3142017002), the Technology Project and Self-financing
Foundation of Hebei Province (No. 16275512) and the Project of Langfang Key Technology
Research and Development Program, China (Grant No. 2016013116).

References

Cai, M., Liu, W., Li, Y.: In-situ stress measurement at deep position of Linglong gold mine and
distribution law of in-situ stress field in mine area. Chin. J. Rock Mech. Eng. 29(2), 227–233
(2010)

Chen, Z., Chen, L., Ji, H.: Geostress field fitting based on the partial least square method. J. Univ.
Sci. Technol. Beijing 35(1), 1–7 (2013)

Kang, H., Lin, J., Zhang, X.: Research and application of in-situ stress measurement in deep
mines. Chin. J. Rock Mech. Eng. 26(5), 929–933 (2007)

Luo, C., Li, H., Liu, Y.: Study of distributing characteristics of stress in surrounding rock masses
and in-situ stress measurement for deeply buried tunnels. Chin. J. Rock Mech. Eng. 29(7),
1418–1423 (2010)

Monjezi, M., Hesami, S.M., Khandelwal, M.: Superiority of neural networks for pillar stress
prediction in board and pillar method. Arab. J. Geosci. 4(5), 845–853 (2011)

Matsuki, K., Kaga, N., Yokoyama, T., et al.: Determination of three-dimensional in-situ stress
from core discing based on analysis of principal tensile stress. Int. J. Rock Mech. Min. Sci. 41
(7), 1167–1190 (2004)

Manouchehrian, A., Sharifzadeh, M., Moghadam, R.H.: Application of artificial neural networks
and multivariate statistics to estimate UCS using textural characteristics. Int. J. Min. Sci.
Technol. 22(2), 229–236 (2012)

Pei, Q., Li, H., Liu, Y., et al.: Two-stage back analysis of initial geostress field of dam areas
under complex geological conditions. Chin. J. Rock Mech. Eng. 33(S1), 2779–2785 (2014)

Qiu, X., Li, S., Li, S.: 3D geostress regression analysis method and its application. Chin. J. Rock
Mech. Eng. 22(10), 1613–1617 (2003)

362 Q. Zhu et al.



Wang, J., Li, F.: Review of inverse optimal algorithm of in-situ stress and new achievement.
J. China Univ. Min. Technol. 44(2), 189–205 (2015)

Xiang, P., Ji, H., Zou, J., et al.: An automation platform for generating the 3D numerical grids of
mining fields with complex geomorphology. Rock Soil Mech. 36(4), 1211–1216 (2015)

Yuan, H., Wang, J., Cai, M.: Geometric cross-scale back-analysis and reconstruction method for
complicated geo-stress field. J. Min. Saf. Eng. 28(4), 589–595 (2011)

Zhang, Y., Song, C., Cai, M., et al.: Geostress measurements by hydraulic fracturing method at
great depth of boreholes and numerical modelling predictions of stress field. Chin. J. Rock
Mech. Eng. 29(4), 778–786 (2010)

Modeling and Inversion of Complex 3D Geologic Field Stress 363



Numerical Simulation Analysis of Layered
Slope Landslide Mechanism in Open Pit Mine

Zhigang Tao1,2(&), Wenshuai Han1,2, Mengnan Li1,2,
and Xiaohui Zheng1,2

1 State Key Laboratory for Geomechanics and Deep Underground Engineering,
Beijing 100083, China

1003653730@qq.com
2 School of Mechanics and Civil Engineering, China University of Mining

and Technology, Beijing 100083, China

Abstract. There have been 7 local landslides accumulatively in Nanfen
Open-pit Iron Mine since 2010, all of which issued early warning information
prior to 4–8 h and avoided danger successfully. However, traditional anchor
materials are usually broken off because they don’t adapt to the large deformation
of slope rock in the monitoring process, leading to the result that the numerical
simulation method cannot reach the goal of analyzing force, deformation, sliding
surface linking up and the whole process of failure of slope body. Therefore,
firstly reveals the characteristics of the whole failure process of slope rock mass
from cracks, expansion, penetration, disintegration and slippage, according to the
evolution law of the monitoring curve of large-deformation cable with constant
resistance (NPR cable) in “landslide 16-1101”; then, builds the large-deformation
numerical analysis mechanics model of NPR cable using 3DEC, and carries out
the numerical modeling calculation on the whole process that the deposits load of
“13-0223 landslide” induces “16-1101 landslide”. Finally, carries out the con-
trastive analysis on the measured result and simulation result, finding that there is
a significant consistency between them. It is proved that the large-deformation
numerical analysis model of NPR cable can meet the large deformation of rock
mass without being pulled off and broken.

Keywords: Landslides
Large-deformation cable with constant resistance (NPR Cable)
Monitoring and warning � Numerical simulation

1 Introduction

The instability failure of slope is a progressive accumulative process [1]. With the
accumulation of inner stress of slope, the partial region reaches yielding, and gradually
cracks, expands and penetrates, and thus, the sliding surface is formed, and the structural
failure occurs. Currently, many scholars develop the monitoring and warning research
work with many methods in regard to the instability failure of slope [2–4]. However, the
conventional landslide monitoring material belongs to the small-deformation material.
When the slope deformation reaches 500 mm, the monitoring material has been snapped
for failure, and thus, cannot measure the later deformation characteristics.
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With regard to the above problems, He Manchao developed a high constant
resistance and large-deformation monitoring cable (NPR) [5–7], which can deform for
2000 mm without being snapped under a condition of 850 kN constant resistance [8],
thereby achieving the whole process monitoring and warning goal of landslide disaster.

However, limited by the traditional numerical simulation method, it not only cannot
directly display the development process of sliding surface, but also cannot quantita-
tively display the stress, deformation and failure process of sliding surface. In recent
years, with the continuous development of computer technology, the calculation and
analysis of slope stability with finite element limit analysis method [9, 10] and discrete
element method [11, 12] have become the new trend.

This paper builds the large-deformation numerical analysis mechanics model of
NPR cable with 3DEC procedure, carries out the numerical modeling calculation on the
whole process that the deposits load of “13-0223 landslide” in Nanfen Open-pit Iron
Mine induces “16-1101 landslide”, and carries out the contrastive analysis on the
measured result and simulation result of failure characteristics of NPR cable and slope,
striving to explore mechanics model capable of meeting the calculation requirement for
whole-process numerical simulation of large-deformation disaster, and providing a
theoretical basis for large-deformation numerical simulation calculation of other similar
landslides.

2 Regional Geological Characteristics and Analysis
of Monitoring Results

2.1 Project Profile

Nanfen Open-pit Iron Mine is one of main production bases of iron ore of Benxi Iron &
Steel (Group) Co., Ltd. Affected by the comprehensive internal and external factors,
such as geometrical characteristics of slope, lithology, texture and structure, the slope
of footwall has occurred about 60 landslide disasters successively since 1964, and the
old landslide mass with area of about 11 � 105 m3 is formed [13, 14], which seriously
threatens the safety mining of mine. In recent years, the Mine has been guaranteed with
two measures of “slope safety management” and “deep mechanics monitoring and
warning system”, and the landslide has been effectively controlled.

2.2 Landform and Formation Lithology

Nanfen Open-pit Iron Mine belongs to the Presinian Anshan-type sedimentary meta-
morphic iron deposit. The mining area has a north-south length of 3 km and east-west
width of 2 km, which consists of footwall, hanging wall, silica stone mountain and north
mountain. The topographic map of mining area is shown in Fig. 1. The slope of hanging
wall belongs to the toppling rock slope, and relies mainly on gneissic migmatite and
mica-quartzose schist. The slope of footwall of mining area belongs to the bedding rock
slope, and relies mainly on two-mica-quartzose schist and epidotite-hornblende schist.
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2.3 Layout Characteristics of Monitoring Point

Nine deep sliding force monitoring points were added when designing the footwall
(478–502 m bench) of mining area in June 2015 [15], with the buried depth of
55–84 m. And all devices adopt the NPR cable, as shown in Fig. 2.

2.4 Analysis on Monitoring Results of Deep Monitoring Results

In October–November 2016, the long-range forecast was made to “16-1101 landslide”
in Nanfen Open-pit Iron Mine at NO. 478-3 monitoring point prior to 45 days
according to the warning criteria and threshold of landslide [15], the medium-range
forecast was made prior to 30 days, the disaster warning before sliding was made prior
to 4 h within the scope of whole mine. The NO. 478-3 monitoring curve is shown in
Fig. 3.

As the timely warning is made to “16-1101 landslide” and the hedge response
measure is taken decisively, no casualties and property loss are caused. The failure
characteristics of top of slope after the landside are shown in Fig. 4.

Fig. 1. Topographic map of mining area Fig. 2. Distribution of monitoring points

Fig. 3. Coupling monitoring curve Fig. 4. Characteristics of “16-1101” landslide
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3 Characteristics of Slip Mass and Analysis of Inducement
Mechanism

3.1 Characteristics of Slip Mass

(1) Overall characteristics of landslide mass

“16-1101 landslide” is distributed in the invert U shaped. The slip mass is leaned for
264°, has a length of about 60 m along the leaning and a width of about 50 m along the
strike. This landslide belongs to the bedding stone wedge landslide, and has the
maximum thickness of 4.5 m.

(2) Failure characteristics of structural planes of slip mass

The outcrop of structural plane (A surface) on the south side is blurry, the structural
plane is rough, it relies mainly on the epidotite-hornblende schist; and the outcrop of
structural plane (B surface) on the north side is clear, the structural plane is smooth, it
relies mainly on two-mica-quartzose schist. The angle between the A surface and B
surface is 50.54°, as shown in Fig. 5. The occurrence information of structural plane
and line of intersection is shown in Table 1.

Fig. 5. Characteristics of wedge failure plane AB

Table 1. Parameters of the wedge failure plane

Structural plane Dip
angle/°

Dip
angle/°

Formation complex Physical and
mechanical
property

F3 slope surface 264 56 Green mudstone-hornblende
formation Am (rock mass)

uface = 38°,
cface = 414 kPa

F1 (A surface) 300 45 Epidotite-hornblende schist
formation Aml
(joint surface)

uA = 27.6°,
cA = 77.4 kPa

F2 (B surface) 228 48 Two-mica-quartzose schist
formation GPel (joint
surface)

uB = 27°,
cB = 69 kPa

Intersecting line
of structural plane

263.13 40.34 /
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3.2 Landslide Mechanism and Cause Analysis

After the occurrence of 13-0223 landslide, about 11.4 � 104t loosened rock is accu-
mulated on 502 m bench all the year round and not yet cleared. On October 30, 2016,
shovel located on 430 m bench excavates about 20 m below NO. 478-3 monitoring
point from north to south. Therefore, 16-1101 landslide occurs due to the disturbances
of unloading of slope toe and deposits load of top of slope.

4 Numerical Simulation Analysis of 16-1101 Landslide

4.1 Simulation Stage Design

Based on the above analysis, the landslide simulation is analyzed by two stages:

(1) Deposits load influence stage of 13-0223 slip mass: it simulates that a lot of loose
deposits are loaded at the top of 16-1101 slip mass, which accelerates the
expansion and penetration of sliding surface after the occurrence of 13-0223
landslide;

(2) Excavation and unloading influence stage of slope toe of 16-1101 slip mass: it
simulates that the unloading rebound is generated by carrying out the mechanical
excavation disturbance at the slope top on 430 m bench.

To realize the large-deformation numerical simulation calculation of landslide,
NPR cable mechanics model having the constant-resistance large-deformation function
is firstly built with Fish language in discrete element 3DEC5.2 software, and the
numerical modeling analysis is carried out on “16-1101 landslide”.

4.2 Large Deformable Design Principle of NPR Cable

In general, the cable reinforcement unit in 3DEC5.2 is defined by the geometrical
parameter, material parameter and characteristics of anchoring agent.

The “tensile yield strength Ft” and “compressive strength Fc” of cable can be
designated in 3DEC5.2, but the parameter set in the constitutive model cannot exceed
the two limits. Therefore, the elements controlling the cable member only can leave
two kinds of key words, i.e. “tensile strength (tension)” and “parameter (gr_coh,
gr_fric, gr_k, gr_per) of anchoring agent”, once the constitutive model of cable is
determined. The conventional small-deformation cable failure mechanism does not
have the constant-resistance large-deformation characteristics, therefore, the small
deformation and failure or anchoring agent failure phenomenon is inevitably generated
after exceeding the tensile strength.

Conversely, with regard to the NPR cable having the constant-resistance
large-deformation characteristics, the anchoring strength which has the same perfor-
mance as that of common cable is set at the end of anchoring section of NPR cable by
Fish language in 3DEC5.2 modeling process; the rigid contact with the slope rock mass
is set at the end of free section of NPR cable, i.e. anchor node, to simulate the actual
anchor effect, and its large deformation work principle is as follows: when the axial
force applied to NPR cable reaches the design constant-resistance value P0, NPR cable
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generates the axial tensile deformation immediately; and when the deformation reaches
the design elongation, it judges that the anchoring gent is failed, and the cable element
is released, so as to reach the large-deformation effect. The parameters are set with Fish
language during the work of cable to judge the elongation of NPR cable, and mean-
while, monitor its axial change characteristics. The tensile mechanical characteristics of
the NPR cable model and its static force are shown in Fig. 6.

4.3 Model Building and Grid Division

The maximum width of both 13-0223 landslide mass and 16-1101 landslide mass is
50 m, the elevation limit of the two landslide masses is 502 m–550 m and 430 m–

502 m respectively. Considering that the width of model boundary should be more than
2.5 times of width of target body, the elevation of model is taken 277 m–634 m, and the
width of strike is taken 200 m. The contact surface element is set between the slip mass
and the rock foundation to simulate the spatial relationship of the upper and lower slip
masses, thereby simulating the interface characteristics of slip mass in the starting and
sliding process. The models of the two slip masses are shown in Fig. 7a, and the setting
of main mechanical parameter, which derived from Table 1, is shown in Table 2.

Fig. 6. Numerical anchor model and its static mechanical feature

(a) Contact surface model of slip mass (b) Excavation model of slope toe

Fig. 7. Double sliding body model establishment

Numerical Simulation Analysis of Layered Slope Landslide 369



NPR cable module is built according to the point coordinates of site deep sliding
force monitoring point and parameter of buried depth of NPR cable, and its parameters
are as follows: the dip angle is 30°, the length is 75 m, and the pretightening force is
40 t. In addition, the excavation length of strike of electric shovel on 430 m platform is
set as 70 m, as shown in Fig. 7b.

4.4 Analysis of Simulation Result

(1) Analysis for numerical simulation result of 13-0223 landslide

In this simulation, the displacement nephogram of sliding surface, observation curve of
settlement and axial force monitoring curve of cable are observed with the
elastic-plastic model based on Moore coulomb yield condition. When the settlement
curve is not changed, it judges that the slope has reached the stable state, otherwise,
continues to calculate. According to the above principle, the maximum displacement
after stabilization of “13-0223 landslide” obtained through numerical calculation is
1.20 m. The slip mass is basically located at the position set on the model contact
surface, and when the landslide starts, the strength of contact surface is set as the actual
strength of the sliding surface, and then, slipped until to be in stable state. “16-1101 slip
mass” is not slid and disintegrated integrally due to reinforcement of a plurality of
constant-resistance large-deformation cables, and only presents the crushing failure at
the tongue and presents the crack failure at the middle and posterior edge, as shown in
Fig. 8a.

Table 2. Parameters of rock mechanics

Name of
rock
mass

Volume
weight
(kg/m3)

Bulk
modulus
(GPa)

Shear
modulus
(GPa)

Cohesion
(kPa)

Friction
angle (°)

Tensile
strength
(MPa)

Basement 2873 20 10.9 420 36 1.5
Slip mass 2580 5.2 2.10 70 27 0.2

(a) Displacement contour of 13-0223 landslide (b) Displacement contour of 16-1101 landslide

Fig. 8. Displacement contour of 13-0223 and 16-1101 landslide
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(2) Analysis for numerical simulation result of 16-1101 landslide

Before 16-1101 slip mass is subjected to the excavation and unloading calculation at
the slope toe, the deformation and speed of 13-0223 landside are reset, the influence of
deposits load to 16-1101 landslide is fully considered, and then, the operational pro-
gram is started. The calculation result is shown in Fig. 8a. Figure 8b shows the final
displacement nephogram of 16-1101 landslide.

A process of 16-1101 slip mass from being stable to completely unstable is a slow
staged strength degradation process. Therefore, the processing of the strength of
contact surface (sliding surface) in the actual calculation also should be from the staged
weakening to instability of rock mass, and the staged parameters of strength of contact
surface from the stable state to the final sliding state are shown in Table 3.

After the starting of “16-1101 landslide”, the distribution characteristics of two
settlement monitoring points arranged on the surface of slip mass are shown in Fig. 9.
From the key point A to key point F, the displacement nephogram of their slices, which
can be seen from Fig. 10, appears the whole sliding process of “16-1101 landslide”
completely again.

The change characteristics of axial force of NPR cable arranged on 478 m bench in
the slip mass is shown in Fig. 11. The following change characteristics can be seen
therefrom:

(1) 13-0223 slip mass reactivation starting stage (stage 1): the change of axial force of
NPR cable at this stage is to increase from the initial force of 400 kN to 530 kN,
the cable elongation reaches 0.3 mm, and as the reactivation activity of slip mass
has the gradual increase trend, 0.6 m relative displacement is generated by sliding;

Table 3. Strength degradation stages criteria

Stage classification Normal
stiffness/GPa

Ttangential
stiffness/GPa

Cohesion
strength/kpa

Friction
angle/°

The first stage 10 10 148 21
The second stage 10 10 36 20
The third stage 10 10 25 19
The fourth stage 10 10 18 18

Monitoring point 1

Monitoring point 2

Fig. 9. Distribution of monitoring point for settlement
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(2) Excavation stage of slope toe of 16-1101 slip mass (stage2): Due to the excavation
and unlading disturbance of electric shovel on 430 m bench at this stage, the
strength of potential sliding surface is gradually decreased from being strong, the
axial force monitoring curve is rapidly increased to 680 kN, the cable elongation
reaches 0.64 m, and 1.54 m relative displacement is generated by the sliding
surface;

(3) Relative movement stage of 16-1101 sliding surface (stage 3): The influence of
slope expansion and excavation at 430 m bench at this stage has reaches the safety
threshold, the axial fore of NPR cable is rapidly increased to 770 kN, the cable
elongation reaches 0.84 m, and 1.87 m relative displacement is generated by the
slip mass along the potential sliding surface;

(a) Cable axial force of the measured and simulation result; (b) Cable elongation; (c) Vertical relative 
displacement (monitoring point 1);(d) Vertical relative displacement (monitoring point 2) 

Fig. 11. Numerical simulation monitoring curve of 161101 landslide

Fig. 10. Displacement slices nephogram of time key point

372 Z. Tao et al.



(4) “16-1101 landslide” warning stage (stage 4): This stage undertakes the staged
accelerating trending of stage 3, the sliding surface loses stability, and when the
relative department of sliding surface reaches 2.54 m, the axial force is suddenly
declined to 18 kN, the cable elongation reaches 1.45 m, and thus, the warning
information is made.

It is found through the contrastive analysis from Fig. 11(a), that the actual mea-
sured result and simulation result have the remarkable consistency, thereby providing
theoretical and practical basis for analysis and numerical simulation calculation of
landslide mechanism of other similar landslides.

5 Conclusion

(1) The large-deformation numerical analysis mechanics model of NPR cable is
firstly built using Fish language in 3DEC, which realized the numerical expression
of large deformation theoretical model of NPR cable.

(2) With the staged weakening of contact strength, a reappearance of slip process of
landslide, which is induced by disturbance of unloading of slope toe and deposits
load of slope top, has been made.

(3) The actual monitoring result and simulation result are subjected to the contrastive
analysis, and it is found that the two have the remarkable consistency, and the four
stages have the same failure characteristics. Thereby providing a theoretical basis
for large-deformation numerical simulation calculation of other similar landslides.
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Regions Under Global Warming

Guofeng Li1(&), Ning Li1,2, and Naifei Liu1

1 Xi’an University of Technology, Xi’an 710048, China
liguofeng205@126.com

2 Lanzhou Jiao Tong University, Lanzhou 730070, China

Abstract. In the global warming trend, the permafrost area is decreasing. And
the change of temperature seriously affects the safety and stability on Open-pit
slope under the alternation of freezing and thawing. Based on FLAC3D, the
simplified algorithm of THM coupling with phase change is developed and
upgraded again. The change law of failure area in one time freezing and thawing
and various stability influence factors of the permafrost slope were discussed by
yielding approach index. The results show that the frozen slope is local failure,
from April to July is danger every year, and that the freezing temperature
increment and the height of slope are still the main influence factors and that the
water content, the times of freeze-thaw cycles and the temperature increment of
surrounding boundary are severely affect the stability of the slope. And the
research can be a significance reference for further understanding the slope
stability under freeze-thaw cycles.

Keywords: Global warming � Phase transition � THM coupling
Slope stability

1 Introduction

Intergovernmental Panel on Climate Change (IPCC) estimated that the global average
temperature in the 21st century will increase 1.4–5.8 °C, and the Qinghai-Tibet Plateau
may rise 2.2–2.6 °C in the next 50 years [1]. In the global warming trend, the plateau
shows a consistent warming trend with difference [2–5]. In the past 50 years, the
temperature gradient has reached 0.037 °C/a and the four seasons has been generally
increased, nevertheless the spring and summer were obvious but autumn and winter
were not and the lowest is the highest 1–3 times. After 50 years and 100 years, when
the temperature increment is 0.02 °C/a, the permafrost area respectively decreases by
about 8.8% and 13.4%, and when the temperature increment is 0.052 °C/a, the per-
mafrost area respectively decreases by about 13.5% and 46% [6]. Under the action of
freeze-thaw cycle, global warming will aggravate the influence of frost heaving and
thaw settling even exacerbate disasters occurring for Plateau permafrost region.

The freezing and thawing of rock and soil involves THM coupling and water-ice
phase transition. Liu [7–10], considered the water migration and water-ice phase tran-
sition on the single joint, simulated the frost heave load with the equivalent thermal
expansion coefficient, and analyzed the stress field distribution near the joint by
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fracturing and frost heaving thermodynamic coupling model. He [11, 12], established a
coupled model of moisture migration and developed a finite element program that could
reflect various extrinsic effects, and then put forward a new FEM with transient heat
transfer theory combining the temperature change characteristics on freezing-thawing.
Kang [13], established rock quasi-creep frosting constitutive model, developed the frost
heave program by FISH function and studied the frost heave fracture expansion algo-
rithm with topological theory. Xu [14], established the coupling model of low tem-
perature based on the convective heat transfer theory of porosity media. Zhang [15],
introduced the pressure dissolution model of granular aggregates in the THM coupling
finite element program to study the effect of pressure dissolution on porosity, perme-
ability coefficient and pore pressure. Bai [16], established the frozen soil HT coupling
differential equation based on unsaturated soil seepage and heat conduction theory, and
achieved temperature and water full coupling by secondary development of the
COMSOL software. Xue [17], established a composite unit model of seepage-heat
transfer coupling for fractured rock mass taking into account the influence of fissure
temperature and fluid. Shen [18], explored rock with crack internal temperature field and
frost heave load evolution process from many aspects such as the heat transfer theory,
phase transition theory, elastic-plastic mechanics and fracture mechanics theory.

Scholars have done a lot of numerical simulation researches on THM coupling and
water-ice phase transition, however, the theory and simulation method were complex
for engineers or beginner. Therefore, this paper improves and upgrades the simplified
THM coupling algorithm proposed by author [19]. Based on the ideal slope model and
yielding approach index, the change law of failure area in one time freezing and
thawing and various stability influence factors of the permafrost slope were analyzed,
especially under the global warming trend.

2 Upgrading the Simplified Algorithm

2.1 Water-Ice Phase Transition Simplified Algorithm

The phase change latent heat term is not included in the THM coupling energy balance
equation of FLAC3D. Although scholars have used some methods to equivalently treat,
the calculation theory is relatively complex for beginners or engineers. So, in this
section, the previous simplified algorithm [19] is improved and upgraded. The phase
change energy term is replaced by the energy change from system temperature dif-
ference. The flow chart of water-ice phase transition is shown in Fig. 1, and default
order is freezing before thawing. Ideas are as follows:

When the outside environment temperature is lower than the freezing point (T0),
the model enters the ‘freezing’ detection state of the water-ice phase change. At this
time, the temperature of each unit is traversed. When the cell temperature (T1) is lower
than the freezing point (T0), the unit temperature is reset to the freezing point
(T1 = T0) in the Dt time. And the cumulative energy (RQ1 = RDT � Cv) that corre-
sponds to cumulative temperature difference (RDT = R|T1 − T0|) is not less than the
latent heat of unit phase transition, the water-ice phase transition is completed.
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When the outside environment temperature is higher than the freezing point (T0),
the model enters the “thawing” detection state of the ice-water phase change. At this
time, the temperature of each unit is traversed. When the cell temperature (T2) is higher
than the freezing point (T0), the unit temperature is reset to the freezing point
(T2 = T0) in the Dt time. And the cumulative energy (RQ2 = RDT � Cv) that corre-
sponds to cumulative temperature difference (RDT = R|T2 − T0|) is not less than the
latent heat of unit phase transition, the ice-water phase transition is completed. If
considering the continuity of the unit bi-directional phase transition and freezing is
before thawing, the cumulative energy will be canceled by (RQ1 − RQ2 < 0) and the
ice-water phase transition is completed.

2.2 THM Coupling Simplified Algorithm

On the basis of mechanical, hydrological and thermal respective algorithm, the ‘cou-
pled loop core’ algorithm is obtained by each other parallel-series connection. After the
testing, the way of three fields successively acting that equivalent to series from
thermal-hydrological-mechanical is relatively simple and practical. The flow chart of
the coupling loop algorithm is shown in Fig. 2. The temperature detection is required,
before and after the coupling cycle core, as well as before the phase change detection.
In order to ensure the balance state, the time sub-step must be the same or in a multiple
relation so that the total time in each ‘coupled loop core’ is equal.

Environment 
temperature HW

HW>T0—Thawing HW<T0—Freezing

∑Q1-∑Q2<0

0<T2′<T2

Cumulative energy
∑Q2=∑ T•Cv

Resetting temperature to the 
freezing temperature T2=T0

Temperature difference
T =|T2-T0|

No

Yes

Yes

Jumping out of
the unit loop

No

∑Q1≥Q latent heat

0>T1′>T1

Cumulative energy
∑Q1=∑ T•Cv

Resetting temperature to the 
freezing temperature T1=T0

Temperature difference
T =|T1-T0|

Jumping out of
the unit loop

Yes

Yes

No

No

End

Start

The ice-water phase 
transition is completed

Yes

No

Yes

No

The water-ice phase 
transition is completed

The ice-water 
phase transition 

is completed

The water-ice 
phase transition 

is completed

Fig. 1. Simplified flow chart of phase transition.
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3 Models and Parameters

3.1 Project Overview

Qinghai MU-LI Coal Mine that located in the permafrost zone of the Altun Mountains
and Qilian Mountains in the Qinghai-Tibet Plateau is one of the largest coal resources
zone in Qinghai Province. The thickness of seasonal frozen soil is about 5–6 m but the
thickness of permafrost is about 58–60 m. The annual minimum temperature is −34 °C,
the annual maximum temperature is 19.8 °C, the annual average temperature is −4.2–
−5.1 °C and the annual average soil temperature is −1.0–−3.5 °C. The surface of
permafrost forms a seasonal melting layer in the warm season for seasonal temperature
changing. Excavating open-pit slope not only changes the stress field, but also changes
the temperature field and seepage field. And the slope has appeared many creep and
collapse under freezing and thawing cycle, especially under the global warming trend.

3.2 Model Establishment

Investigating the stability and stability influence factors of the MU-LI open-pit mine,
taking into account the timeliness of the coupling calculation and the project
requirement, the analysis model is selected as shown in Fig. 3. The constitutive model,
boundary condition and initial condition are adopted as follows: The M-C model, the
isotropic conduction-convection model and the isotropic flow model are used to cal-
culate the THM coupling. The initial stress field is generated by the dead load of rock

Start

coupled cycle
n 1 60

Making sub-step dt

Detecting temperature before the coupling calculation

Updating temperature after the phase change

Taking place the coupled loop core

Detecting the phase change 

Detecting temperature after loop core

Detecting temperature before loop core

Yes
End

No

Fig. 2. Flow chart of coupling cycle.

X

Z
Y40

H
40

30 Hcotα

α

Fig. 3. Test model.
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and the initial temperature is imposed by the real rock temperature, at the same time,
the saturation of rock is assumed. The bottom of model is the XYZ direction dis-
placement fix and sides are normal direction displacement fix. Assuming that there is
no fluid and temperature exchange at sides and the bottom, so the impermeable adi-
abatic boundary condition is adopt, however, the slope surface has temperature
exchange with the air, so the permeation convection temperature boundary is used.

3.3 Parameters Discussion

Assuming that the parameters change laws of rock mass with temperature and
freeze-thaw cycles are the same as the rock, so that the initial values just need to be
multiplied by the corresponding reduction coefficients. The year freeze-thaw cycle just
is considered but the circadian cycle is neglected. The initial mechanical parameters of
slope rock mass are shown in Table 1 and assuming the relationship of E and C with
the temperature (T) and cycle times (n) [14, 20, 21] is as follows:

E Tð Þ ¼ 0:0086T2 � 0:2721T þ 9:8477

C Tð Þ ¼ 0:0007T2 � 0:0730T þ 7:6967
ð1Þ

KE ¼ 2:0e�5n3 þ 0:0018n2 � 0:0560nþ 1

KC ¼ 2:0e�5n3 þ 0:0018n2 � 0:0583nþ 1
ð2Þ

It can be considered that specific heat (Cv) and thermal conductivity coefficient (k)
of rock are unchanged for the temperature range is relatively small. When the tem-
perature is higher or lower than the freezing point, the water or ice parameters are
respectively used. When the water-ice phase change or ice-water phase change, the
water or ice parameters are respectively used. Based on the results [14, 22], thermal
expansion coefficient (b) of rock matrix in the water-ice phase change is −1.5e-5 °C−1

and in the ice-water phase change is −1.2e-5 °C−1. The convective heat transfer
coefficient (h) is respectively 5–25 w/m2 °C and 20–100 w/m2 °C under the natural
convection and forced convection, so h may be 5 w/m2 °C for the stationary air. In
FLAC3D software, the water content can be replaced by porosity. When the saturation
is 1.0, water density is 1000 kg/m3, substrate density is 2650 kg/m3, the relationship is
as follows:

w ¼ qwSrn
qd

¼ 0:38n ð3Þ

Table 1. Initial physical and mechanical parameters of rock.

Density
q/(Kg/m3)

Internal friction
angle U/(°)

Internal
cohesion
C/(MPa)

Bulk
modulus
K/(GPa)

Shear
modulus
G/(GPa)

Rock 2650 50.0 1.5 13.3 8.0
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The thermal and hydrological field parameters [13, 14, 16, 22, 23] are shown in
Table 2. The initial temperature of the slope surface is shown in Fig. 4 and the initial
temperature of the soil slope is shown in Fig. 5.

4 Slope Stability Analysis

4.1 Analysis Scheme

The stability affecting factors of slope under the freezing-thawing conditions are mainly
occurrence state, lithology, temperature and water. Especially under global warming,
the climate temperature, the water content and the migration water are the most serious.
Therefore, this section, based on the simple algorithm and the basic scheme, designs
the comparison analysis scheme as shown in Table 3.

4.2 Yielding Approach Index (YAI)

The froze-thaw slop mainly occurs sliding in the shallow surface and collapsing at the
local block or sheet. Therefore, the general slope stability evaluation method will no
longer be applicable but the indirectly local method may be used to evaluate, such as
the withstanding the number of freeze-thaw cycles, local deformation, or the local
damage failure area. Zhou [24] proposed the YAI and Gao [25] redefined and amended.
The YAI is the ratio of the distance from the point to the yield boundary line and the

Table 2. Thermal-Hydraulic parameters of rock and water.

Materials Specific heat
Cv/(J/Kg�°C)

Thermal
conductivity
coefficient
k/(w/m�°C)

Permeability
coefficient
k/(cm/s)

Thermal
expansion
coefficient
b/(°C−1)

Rock Above the ice point 816 2.7 1.0e-7 3.0e-6
Below the ice point 816 2.7 1.0e-10 −1.5e-5

Water-ice Above the ice point 4190 0.52 / 2.1e-4
Below the ice point 1880 2.21 / −1.5e-3

Fig. 4. The temperature changes with time. Fig. 5. The temperature changes with the depth
of rock.
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distance from the coordinate origin of the p plane to the yield boundary line, along the
direction from the coordinate origin of the p plane to the stress point. For M-C strength
theory, it can be expressed:

Y ¼ f ðI1; J2; hrÞ ¼ 1�
ffiffiffiffiffi

J2
p

k � aI1
ð4Þ

When

r1 þ r3
2

\
rt
2
; k ¼ 3ccosu

3coshr �
ffiffiffi

3
p

sinu sin hr
; a ¼ sinu

3coshr �
ffiffiffi

3
p

sinu sin hr
ð4:1Þ

When

rt [
r1 þ r3

2
� rt

2
; k ¼ 3rt þ

ffiffiffiffiffiffiffi

3J2
p

sin hr
3coshr

; a ¼ 1
3coshr

ð4:2Þ

Among them, I1 is the first principal stress invariant, J2 is the second partial stress
invariant, hr is the stress lode angle, c is the internal cohesion, u is the internal friction
angle.

Because of the limitation of initial numerical stage, based on the basic scheme, the
YAI volume percentage on the 12-month of the fifth freeze-thaw cycle was analyzed as
shown in Fig. 6.

It can be seen from Fig. 6 that the volume percentage of YAI subsection each
month is basically the same. The part of YAI � 0.6 actually is the seasonal frozen soil
layer affected by the external environment. Since the YAI just is degree of yield or
damage on one unit, so the local volume (YAI � 0.6) weighting average may be to

Table 3. Test scheme of slope stability under freeze-thaw cycle.

Affecting factors Analysis scheme
Basic
scheme

Comparison
scheme

Shape ① The height of slope/(m) 30 10/20/40/50/60/70
② The angle of slope/(°) 45 20/30/40/45/50/60
③ The width of road/(m) 0 1/2/3/4

Global
warming

① The boundary temperature increment/(°C) 0 1/2/3/4/5
② The water content (The porosity) 0.1 0.05/0.2/0.3
③ The water migration increment (The porosity

increment)
0 0.01/0.02/0.03/0.04

Other ① The freezing temperature reduction/(°C) 0 2/4/6
② The convective heat transfer coefficient/

(w/m2°C)
5 10/15/20

③ The coefficient of thermal expansion/(°C−1) 1.5 0.9/1.2/1.8
④ The number of freeze-thaw cycles/(times) 5 10/15/20
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represent the degree of local security of the freeze-thaw slope. Thus, local yielding
approach index (YI) can be defined as:

YL ¼
X

0:6

i¼0

YiVi

,

X

0:6

i¼0

Vi ð5Þ

4.3 The Most Dangerous Month

The YI of each month from 4th to 5th times freeze-thaw cycles is analyzed, as shown in
Fig. 7, to find the most dangerous month under the freezing-thawing conditions.

It can be seen from Fig. 7 that as the freezing-thawing continuing, the YI decreases
rapidly in March and the lowest month is from April to July, but then the YI rises with
water frozen. That is, the dangerous month is from April to July every year, and this
moment the seasonal frozen soil is most likely to have local collapse or slip damage.
Therefore, follow-up stability analysis is based on the results of the annual June.

Gao pointed out that YAI � 0.2 represents structural safety. The above analysis
shows that YAI � 0.6 is the effective part for the freezing-thawing rock slope.
Therefore, the damage range is 0.2 < YAI � 0.6, the near failure range is 0 < YAI
0.2 and the already failure range is YAI � 0.0.

The relative ratio K are defined, which represents the range ratio of the damage
failure on comparison scheme and basic scheme. The K of each month from fourth
times to fifth times freeze-thaw cycles are shown in Fig. 8.

Fig. 6. The volume percentage changes with YAI distribution.

Fig. 7. The YI changes with month. Fig. 8. The K changes with month.
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It can be seen from Fig. 8 that the affective volume (YAI � 0.6) increases as the
freeze-thaw proceeds continuously. The already failure volume (YAI � 0.0) gradually
increases that reaches the extreme value from April to August and that reduces after
freezing and that is about doubled after one time freeze-thaw cycle as the increase of
the temperature. However, the near failure volume (0.0 < YAI � 0.2) and the damage
volume (0.2 < YAI � 0.6) increase with the freezing-thawing proceeds continuously
and reach the extreme value when the water is frozen.

4.4 Stability Influence Factors Analysis

Under the action of freeze-thaw cycle, the slope stability influence factors mainly
includes the height, the angle, the width of road, especially under global warming, the
boundary temperature increment, the water content, the water migration increment, the
freezing temperature, the convective heat transfer coefficient, the thermal expansion
coefficient and the freeze-thaw cycles times. When changing these factors, based on the
basic scheme, the ratio K is shown Fig. 9(a–j).

As can be seen from Fig. 9(a–c), with the increase of the height of slope, the
already failure volume and the near failure increases and reaches the extreme at 40 m
then gradually decreases, and the damage volume that is the same as the affective
volume gradually increases. With the increase of the slope angle, the already failure
volume that is the same as the affective volume is gradually increasing, and the near
failure volume gradually increases and reaches the extreme at 50°, but the damage
volume decreases. With the increase of the width of the road, the already failure
volume firstly reduces to 2 m reaching the extreme value and then rises, and the near
failure volume is fluctuant, and the damage volume that is the same as the affective
volume gradually decreases. The existence on failure volume extreme values of slope
height and angle may be related to the temperature field or the thickness of permafrost.
And adding the width of road is equivalent to reducing the slope height and increasing
the slope angle. That is, the slope with road endures the combined action from the slope
angle and the slope height, and the action of the reduction on slope height is more
obvious. The affective volume averagely respectively increases about 0.074, 0.013 and
0.006, when assuming that the height of slope (10–70 m), the angle of slope (20–60°)
and the width of road (0–4 m) increase respectively 10%.

As can be seen from Fig. 9(d–f), with the increase of the boundary temperature, the
already failure volume gradually decreases, but the near failure volume that is the same
as the damage volume and the affective volume is gradually increasing. With the
increase of the porosity, the already failure volume increases and reaches the extreme at
0.2 then gradually decreases, the near failure volume is fluctuant, and the damage
volume that is the same as the affective volume is gradually increasing. With the
increase of the porosity increment, the already failure volume and the near failure
volume gradually reduces, and the damage volume that is the same as the affective
volume is gradually increasing. The affective volume averagely respectively increases
about 0.017, 0.059 and 0.004 when assuming that the boundary temperature increment
(0–5 °C), the porosity (0.05–0.30) and the porosity increment (0.00–0.04) increase
respectively 10%.
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Fig. 9. The K changes respectively with the height of slope (a), the angle of slope (b), the width
of road (c), the boundary temperature increment (d), the porosity (e), the porosity increment (f),
the freezing temperature reduction (g), the convective heat transfer coefficient (h), the thermal
expansion coefficient (i), the number of freeze-thaw cycles (j).
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As can be seen from Fig. 9(g–j), with the increase of the freezing temperature
reduction, the already failure volume has decreased tendency, the near failure volume
that is the same as the damage volume and the affective volume is gradually increasing.
With the increase of the convective heat transfer coefficient, the already failure volume
is the same as the damage volume and the local yield volume is gradually increasing,
but the near failure volume firstly reduces to 15 reaching the extreme value and then
rises. With the increase of the coefficient of thermal expansion, the already failure
volume, the near failure volume, the damage volume and the affective volume are all
gradually increasing. With the increase of the number of cycles reflecting the damage
history of freezing and thawing, the already failure volume firstly increases to 10 times
reaching the extreme value and then reduces gradually, the near failure volume, the
damage volume and the affective volume all gradually increasing. The affective volume
averagely respectively increases about 0.102, 0.007, 0.037 and 0.048 when assuming
that the reduction of freezing temperature (0–6 °C), the convective heat transfer
coefficient (5–20 w/m2 °C), the coefficient of thermal expansion (0.9–1.8 °C−1) and
the number of cycles (5–20 times) increase respectively 10%.

Overall, under the basic scheme, when each influence factors increase 10%, the
degree of effect on the affective volume is: freezing temperature reduction > slope
height > porosity > the number of freeze-thaw cycles > thermal expansion Coeffi-
cient > boundary temperature increment.

5 Conclusions

Under the trend of global warming, the temperature of permafrost is increasing year by
year and the slope stands in the temperature of freezing-thawing alternation. The
change of temperature affects the stability and safety of the project. The simplified
algorithm of THM coupling with phase change is developed and upgraded again and
the yield approach index is resorted. Based on FLAC3D and the slope ideal model, the
change law on the region of damage or failure in a freezing and thawing cycle and the
stability influence factors are discussed. The result shows that the effective range of the
frozen rock slope is YAI � 0.6, and the dangerous month is every year from April to
July. The effect degree and the change trend of influence factors for the slope failure
and damage region is different, especially the failure region on the water content and
the width of road exist extreme. The freezing temperature reduction and the slope
height are still the main influencing factor. The porosity, the number of freeze-thaw
cycles and boundary temperature increment still seriously affect the slope stability.
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Abstract. In an enhanced geothermal system (EGS), fluid is injected into
pre-existing fractures to be heated up and then pumped out for the electricity
generation; injected fluid is cold as compared to surrounding bedrock. The
rock-fluid temperature difference induces thermal stress along the fracture wall,
and the large thermal stress could damage some of the self-propping asperities
and result in a change of the topography and lifespan of the fractures. Although
fracture sustainability has been extensively studied, the mechanism of asperity
damage due to rock-fluid temperature difference remains unknown. We have
constructed a finite-element based three-dimensional model, which uses a
hemisphere contact pair to resemble a single self-propping asperity, to investi-
gate the effect of temperature difference on the asperity damage. In the model,
the rock mechanical properties are coupled with temperature and stress state of
the bedrock. Two trends of asperity deformation with temperature effect are
identified: opening zone and closure zone. Closure squeezes asperity further and
induces more element damage at bottom. Higher temperature difference dam-
ages elements on asperity top whereas has negligible impact on elements at
asperity bottom. In other aspect, a higher temperature expands closure zone and
degrades elements at the asperity bottom. Accordingly, two potential mecha-
nisms of asperity damage are qualitatively characterized.

Keywords: Fracture integrity � Thermal effect � Asperity failure

1 Introduction

Enhanced geothermal systems (EGS) offer a promising clean-energy resource in the
world with enormous potential for baseload electricity generation [1, 2]. Unlike
hydrothermal energy in shallow soil, EGS uses hot dry rock in deep earth formation: at
depths of approximately 3 km to 10 km, and temperatures of up to 200 °C, the rock
formations are ripe for energy extraction. An EGS injects cold water into such an
environment and the heated water is brought back to the earth surface in the form of
water vapor for electricity generation. In the EGS, the pre-existing fracture networks
inside the hot rock play a crucial role, providing fluid (liquid water and steam) transport
conduits and interfaces for heat exchange. The pre-existing fractures sustain themselves
by propping due to asperities provided by contact roughness, which is different from
corresponding mechanisms in the hydraulic fracture industry, which involve proppants
that help maintain fracture integrity. The topography of fractures in EGS significantly
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influences the geothermal energy extraction. Guo et al. [3] developed a
thermos-hydro-mechanical coupled numerical model to analyze the effect of fracture
aperture distribution on flow pattern evolution and temperature propagation. In their
work, a generic fracture aperture of fracture was represented by a spatially spherical
variogram model to consider the roughness effect. They observed that a reservoir tends
to degrade flow channeling and endure heat production if the initial aperture field
enables tortuous flow paths. Through a fracture with initially specified tortuosity,
thermally-induced stress shrinks the rock matrix in cooled zones and deteriorates flow
channeling, and accordingly shortens heat production life in contrast to its counterpart
(which includes no consideration of thermal stress). Luo et al. [4] also pointed out that
the distribution of fracture surface roughness, which is widely used to calculate fracture
transmissivity, is of central importance to mechanical-hydraulic aperture correlations,
because it leads to flow channeling and a steep temperature breakthrough curve.

When cold water is pumped into these fractures, the large temperature difference
between rock and water induces extremely large tensile thermal stress which could
deform the rock matrix. Pandey et al. [5] specifically analyzed the extent to which the
thermos-elastic effect alters aperture. The cooling of the reservoir could cause con-
traction of the rock matrix and result in enlargement of fracture aperture in the vicinity
of the injection well and conversely depresses regions outside of cooling zones. In light
of increased aperture in direction between injection well and production wells, cold
water directly flows from injection well to production well with least resistance and
enables flow channeling and rapid drop in production temperature. Furthermore, the
evolution of aperture field could reduce fluid pressure significantly in the long term,
which influence aperture alteration in turn. Field circulation tests in enhanced fractured
geothermal pilot program i.e. Soultz-sous-Forêts validated the occurrence of thermal
contraction zone and temperature evolution [6]. In other aspect, the influence of
thermal processes on new fracture opening had been addressed. Tarasovs et al. [7]
studied the thermally-induced tensile cracking on primary fracture surface. The existing
dominant fracture was simplified as half-plane surface and was subjected to sudden
cooling effect. The multiple secondary thermal fractures could be created and propagate
perpendicular to main fracture with different velocities and final lengths for distinctive
temperature difference. This fracture initiation by thermal shock of reservoir rock were
demonstrated as well in experiments [8] and analyzed theoretically [9, 10]. The effect
of thermal-induced stress on aperture dilation between injection/production wells in
long term and instant fracture surface damage by generation of new thermal cracks had
also been investigated. They demonstrate the importance of fracture aperture variation
on fluid flow and energy extraction by thermal effect. Nevertheless, none of previous
studies had paid attention to the instant effect of large thermal stress on integrity of
fracture asperities. Appreciable thermal stress due to the rock/water temperature dif-
ference would likely damage fracture asperities and result in notable aperture decrease
and even the closure of fractures. This study aims to investigate such thermal stress
effect on fracture asperity integrity. Through the finite element analysis, the damage of
idealized fracture asperity, which is a pair of semi-spheres, due to the rock/water
temperature difference has been discussed and demonstrated in this paper.
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2 Problem Description and Modeling Methodology

Discrete fracture network constitutes the flow paths for fluid in EGS. To simplify the
problem and keep focused, one arbitrary fracture is considered without loss of gen-
erality. Discrete fracture asperities bolster fracture surfaces and protrude into fluid
pathway. Its deformation and integrity are essentially important to fluid transport and
heat recovery. Generally, fracture asperities contact with distinct geometries and
pairing patterns [11]. To make it tractable, individual asperity is idealized as
semi-sphere contact with well mated pattern. Figure 1 depicts the geometry considered
in this model at different scales.

In this model, both fluid and heat have impact on stress distribution on asperity. The
difference of fluid pressure and initial overburden pressure is effective stress loading on
asperities. With the exposure to high temperature difference, the fluid pressure change
is negligible compared to large thermal stress [12]. Accordingly, the asperity stays at
admissible effective stress on top and is subjected to large tensile thermal stress in a
short time. Alteration of stress distribution would deteriorate asperity integrity.
A quantitative model has been developed to describe the mechanical response of the
asperity, which consider both a damage-based constitutive relationship and the tem-
perature field from the heat conduction process.

2.1 Constitutive Relations

The constitutive relations for the rock including the thermal strain can be expressed in
Eq. (1) [13].

rij ¼ kekkdij þ leij � 3kþ l
� �

aDT ð1Þ

Where rij and eij are the stress and strain tensor, separately. dij is the Kronecker
delta. a is the coefficient of thermal expansion in material. k and l are damage
dependent material constants, which follows the form of Lame’s constants and related
to damage based elastic modulus, k ¼ Em

1þ mð Þ 1�2mð Þ and l ¼ E
2 1þ mð Þ. E is the damage

Fig. 1. Model geometry at different scales
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based elastic modulus analyzed in following Eq. (2), m is the Poisson’s ratio. In Eq. (1),
eij is sum of mechanical strain and thermal strain in materials, rij is the mechanical
stress induced only by mechanical strain. This thermal elastic model is suitable for
brittle materials with negligible plastic deformation.

The failure of quasi-brittle heterogeneous materials such as rocks is mostly due to
propagation and intersection of pre-existing micro-cracks. The micro-cracks connect
and eventually form macro-cracks which lead to the failure of the materials [14, 15].
This macroscopic representation of microcrack development can be qualitatively
described by continuum damage mechanics [16]. Damage variable is generally intro-
duced to characterize surface density of intersection of micro-cracks in thermodynamic
principle [17]. In this study, an isotropic damage variable (D) is used to model dete-
rioration of elastic modulus:

E ¼ E0 1� Dð Þ ð2Þ

Where E is the degraded elastic modulus. E0 is the initial Young’s modulus. D is an
isotropic damage variable, 0 � D � 1. The value of 0 means element is intact
without any modulus degradation. The element loses its loading sustainability and fails
when the value is equal to 1.

Referring to laboratory uniaxial experiments of granites [18–20], the uniaxial
compression experimental curves has good representation of failure micro-mechanism
of granite [21]. Whereas the uniaxial tension loading (usually by indirect Brazilian test)
presents distinct features in terms of peak strength and failure modes. In fact, it is the
macroscopic realization of different micro-cracking growth and proliferation [22]. In
this sense, asymmetric constitutive model is suited for deformation and failure char-
acterization for granites. The constitutive relation is depicted in Fig. 2.

The definition of the sign in this paper follows that tensile stress is positive and
compressive stress is negative. The first quadrant is under tension, while the third
quadrant is under compression. The initial stage is elastic deformation. Once the strain
threshold (i.e., corresponding to the peak stress) is exceeded, the Young’s modulus will
drop dramatically to a small residual value. That indicates the occurrence of element

Fig. 2. Asymmetric constitutive model for granites and its failure modes under Brazilian test
and triaxial compression test.

Thermal Stress Effect on Fracture Integrity 391



damage in simulation. A maintenance of small residual value (0.01% of initial value) is
needed to avoid computational instability. From Fig. 2, the damage variable for tension
and compression can be calculated respectively as:

Dt ¼

0 0\e\eti

1� eti
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� �
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etr
eti
�1

� �
eti\e\etr
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�etr

eti

1� eti
e

� �
etr\e\etu

1 e[ etu

8>>>>><
>>>>>:
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eci
�1

� �
ecr\e\eci

1� rcr
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1 e\ecu

8>>><
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Where subscript t and c in D is for tension and compression respectively. Other
stress and strain parameters signifies stress and strain at inflection points of constitutive
curve in Fig. 2.

r ¼
r1j j r1 [ r2 [ r3 [ 0; or r1 [ r2 [ 0[ r3 &

r1
r3

��� ���\ 0:1

r2j j 0[ r1 [ r2 [ r3; or r1 [ 0[ r2 [ r3 &
r1
r3

��� ���\ 0:1

8<
: ð5Þ

Where r1; r2; r3f g are three principal stress. In the principal stress system, when
material is in tension-tension-tension mode r1 [ r2 [ r3 [ 0ð Þ or tension-tension-
compression mode r1 [ r2 [ 0[ r3ð Þ, the failure is classified to tension failure.
While material is subject to compression-compression-compression mode 0[ r1 [ð
r2 [ r3Þ or tension-compression-compression mode r1 [ 0[ r2 [ r3ð Þ, the failure is
classified to compression failure. The restriction r1

r3

��� ���\0:1 comes from the empirical

relationship between compressive and tensile strength of rocks with negligible cohe-
sion forces [23]. Tension failure and compression failure modes can be depicted by
failure surface. At here, r is used to depict the failure surface in terms of principal
stress.

2.2 Temperature Field and Boundary Conditions

The reservoir rock has high initial temperature, denoted as Tr. When the cold water
pumped in with temperature Tw, rock temperature would drop forward the far field by
cooling. This heat transfer follows the Fourier’s Law. Assuming the isotropic thermal
property of asperity, the energy balance equation is following:

kr2T þ q ¼ qc
@T
@t

ð6Þ
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where q denotes the heat source generated inside the medium in W=m3, k is the
apparent thermal conductivity of the medium in W=m �� C. q is the bulk density of
medium in kg=m3, c is the specific heat or heat capacity of the medium in J=kg �� C,
and t is the elapsed time. Equation (6) is on the premise that thermal conductivity k is
constant for temperature change and is a scalar. The top thermal boundary is set to
constant temperature Tr. The curvy surface of hemispherical asperity is set to constant
water temperature Tw. The above assumption is made based on the constant heat source
from the adjacent rocks of fracture aperture and the relative small radius of the asperity
(radius about 2.5 mm at here) [24]. The parameters in this study is presented as well in
Table 1.

3 Results and Discussion

In the deep fracture network of EGS, the asperities are initially subjected to
over-burden pressure with initial compressive strain. The overburden pressure increases
with the depth of EGS. When cold water is pumped into fracture network, temperature
difference between water and rock decreases from the injection well to the production
well. Therefore, thermal stress effect on the fracture deformation also varies. Because
of the thermal stress, stress on asperities will redistribute, which would lead to asperity
deformation and even the damage of asperities. In our study, we took different tem-
perature differences into consideration. Figure 4 shows displacement of asperity sub-
jected to different overburden pressure with and without considering temperature
difference effects. It is clear the temperature difference in the EGS could cause con-
siderable asperity deformation. Moreover, different overburden pressure can cause
different thermal stress effects. Take DT = 50 K for example (Fig. 3(a)), with the
overburden pressure increase, two curves intersect at different points. By considering

Table 1. Model data used in simulation

Young’s modulus, E0 18.56 GPa Initial tensile strain, eti 2:2� 10�4

Poisson’s ratio, m 0.25 Residual tensile strain, etr 6:65� 10�4

Granite density, q 2750 kg=m3 Maximum tensile strain, etu 1:5� 10�3

Heat capacity, c 790 J=kg � K Initial tensile stress, rti 4.09 MPa
Thermal conductivity, k 10.7 W=m � K Tensile strength, rto 6.7 MPa
Thermal expansion, a 8� 10�61=K Residual tensile stress, rtr 1.57 MPa

Rock temperature, Tr 300 °C Ultimate tensile stress, rtu 0.25 MPa
Hemisphere radius, R 2.5 mm Initial compressive

strain, eci
2:64� 10�3

Compressive strength, rco 100 MPa Residual compressive
strain, ecr

6:87� 10�3

Residual compressive
stress, rcr

9.7 MPa Maximum compressive
strain, ecu

1:0� 10�2

Initial compressive
stress, rci

49 MPa
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that the overburden pressure is constant at certain depth in EGS, the introduction of
50 K temperature could induce either the decrease of asperity displacement as indicated
by the black arrow in Fig. 3(a) or the increase of asperity displacement as indicated by
the red arrow in Fig. 3(a). This means temperature difference can cause either the
opening or the closure of fracture. Although it is observed that the closure and opening
of fracture occur alternately with varying overburden pressure. Generally speaking, the
closure of fracture is more likely to occur for larger overburden pressure. By consid-
ering the temperature difference effects, the larger temperature difference can more
likely cause the closure of fracture. As mentioned above, the fractures, which are the
conduits for water transport and exchange of heat, are critical to the efficiency of EGS.
Our results indicate that the temperature difference between water and rock could cause
the opening and closure of the fracture, and therefore affect the pre-existing fracture
network integrity, which is worthy of more concerns when studying the EGS fracture
network.

Figure 4 presents the damage variable for above three temperature difference cases.
Because of axisymmetric property of simulating models, only one quarter circle
geometry is presented. From evolution of damage variable distribution, more elements
damage with increasing temperature difference. Elements near top boundary starts to
damage with temperature difference and exacerbate this damage with increasing tem-
perature difference. After DT = 200 K, the damaged elements on top aggregate

Fig. 3. The thermal effect on asperity displacement. With increasing temperature difference,
opening zone shrinks and closure zone expands.

Fig. 4. The damaged elements in asperity with increasing temperature.
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together to form a damaged band. However, the influence of temperature difference on
evolution of damage at bottom is negligible. This alludes to potential damage on top by
temperature effect and potential damage at bottom by displacement closure induced by
temperature difference.

4 Conclusion

When cold water is pumped into fracture network in enhanced geothermal systems, the
huge temperature difference of water and hot rock induces substantial tensile thermal
stress. It alters the stress distribution in fracture asperity and changes its deformation.
Numerical simulation is employed to capture the effect of temperature difference and
intensity of its impact. Damage mechanics considering thermal effect is used in this
model to analyze asperity failure. In pure mechanical loading, it presents two modes of
deformation: closure and opening. Closure mode jeopardizes integrity of asperity and is
of main concern in this analysis. Additionally, with thermal effect, two potential failure
mechanisms interplay: (1) bottom failure by mechanical loading; (2) top failure induced
by thermal stress. With high temperature difference, top failure becomes significant.
High temperature difference also induces closure of asperity and prompts bottom
failure. The interplay between these two mechanisms will be analyzed quantitatively.
Furthermore, the critical temperature difference to bound closure and opening of
asperity is quantified to be 207 K and it’s also the boundary to distinguish top failure
and bottom failure. In EGS field, zone close to injection well has higher temperature
difference and more likely to close and induce asperity failure. While zone close to
production well is less prone to damage asperity and more stable. Further analysis will
be performed to investigate the relation of asperity failure and flowing length of fluid
and reservoir depth.
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Abstract. The effect of abutment pressure caused by the mining influence of
two working faces can easily lead to floor heave in gob-side entry retaining.
According to the distribution law of abutment pressure loading on the floor of
gob-side entry retaining, a mechanical calculation model is established based on
the elastoplastic theory. The calculation results based on the production geology
of track entry of 1024 working face in Zhongxin coal mine shows that the
vertical stress and plastic zone in the floor increase with the advancing of
working face at the stage of leading influence during first mining, increase first
and then decrease at the stage of entry retaining during first mining, and increase
at the stage of leading influence during second mining. Especially, the vertical
stress distribution and plastic zone appear asymmetrical characteristic. In
addition, the similarity model test of gob-side entry retaining demonstrates the
forming process and shape of the main fracture plane of floor, that also proves
the asymmetrical characteristics of floor heave. Finally, based on idea that high
strength of roof and two sides can reduce the abutment pressure loading on the
floor, the technology of strengthening support of roof and two sides is proposed
to control floor heave in gob-side entry retaining, and the technology is proved
by the calculation results based on the above mechanical calculation model. The
research fruits can enrich theory of gob-side entry retaining technology to
improve its application value.

Keywords: Gob-side entry retaining � Floor heave � Abutment pressure

1 Introduction

In underground coal mining, layout and control of a entry need to consider safety,
efficiency and economy. Gob-side entry retaining technique is widely used in China for
the last several decades. Comparing with the conventional layout of the entry with a
wide coal pillar, the gob-side entry retaining technology has some safe, efficient and
economic advantages, such as implementation of Y-shaped ventilation system,
reduction of excavation work, improvement of coal recovery ratio and so on [1, 2].
However, the deformation of gob-side entry retaining is large, Especially severe floor
heave. So far there is no the most effective technology to control floor heave in
gob-side entry retaining. So the weakness of floor heave restrict the popularization and
application of the technology.
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Some researchers have done some work for mechanism and control of floor heave
in gob-side entry retaining. For instance, Wang W.J. divided the floor heave process
into five stages: the stage of entry driving, the stage of floor rheology after entry
driving, the stage of first mining, the stage of floor rheology after first mining and the
stage of second mining [3]. Wei hold that the high horizontal stress and pressure effect
of filling body caused floor heave in gob-side entry retaining, and the floor heave
appears zoning and skew characteristics [4]. Hua established a mechanical model of the
floor in gob-side entry retaining based on beam theory. The left side of the beam
(outside of backfilling body) was simplified as a fixed hinge support, while the right
side of the beam (under the limit equilibrium zone of the coal side) was simplified as
fixed end. Then the deformation of the floor beam in gob-side entry retaining was
solved by using the principle of minimum potential energy [5]. Xu proposed a new
approach named as steel pile method to control severe floor heaves in gob-side entry
retaining [6]. From that, the characteristics, mechanism and control technology of floor
heave in gob-side entry retaining have been preliminarily studied, still need study ever
more to overcome the weakness of gob-side entry retaining.

This paper aims to present the effect of mining abutment pressure on floor of
gob-side entry retaining, and then the mechanical characteristics and control technol-
ogy of floor heave are obtained. The research fruits can enrich theory of gob-side entry
retaining technology to improve its application value.

2 Effect of Mining Abutment Pressure on Floor of Gob-Side
Entry Retaining

2.1 Mechanical Calculation Model

Force conditions of floor determine degree of floor heave in gob-side entry retaining.
The forces loading on floor are mainly abutment pressures caused by movement of
entry roof and transmitted by two entry sides. The abutment pressures are different at
different stages of mining. A typical curve about distribution and change of abutment
pressure in a practical gob-side entry retaining is shown in Fig. 1. Taking the point with
distance −5 m from vertical midline entry center (coal side) as example, the value of
abutment pressure increases from 12 MPa at the stage of leading influence during first
mining to 22 MPa at the stage of entry retaining during first mining.

(1) Stage of leading influence during first mining     (2) Stage of entry retaining during first mining

Fig. 1. Abutment pressure distribution in floor at different mining stage
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According to the force conditions of floor in gob-side entry retaining, the
mechanical calculation model of floor is established based on the following
assumptions:

(1) The floor is taken as semi-infinite plane.
(2) The distribution of abutment pressures are linear (see Fig. 2).

In this model, the width of gob-side entry retaining is b4, the mining influence
width at both sides of entry are b2 þ b3 and b5 þ b6 respectively, the initial stress width
at both sides are b1 and b7 respectively, cH is initial stress of entry, k2 and k3 are stress
concentration factors.

Based on the elasticity theory [7], the stress component in floor caused by the
abutment pressures are follows.

rx ¼ rx1 þrx2 þrx3 þrx5 þrx6 þrx7

ry ¼ ry1 þry2 þry3 þry5 þry6 þry7

sxy ¼ sxy1 þ sxy2 þ sxy3 þ sxy5 þ sxy6 þ sxy7

ð1Þ
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Fig. 2. Sketch of mechanical calculation model
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In addition, in order to demonstrate the comprehensive response of stress distri-
bution caused by mining abutment pressure, the floor is assumed to conform to D-P
yielding criterion [8].

f ¼ aIþ ffiffiffiffiffi
J2

p � K ¼ 0 ð2Þ

2.2 Evolution Law of Stress and Plastic Zone in Floor

The track entry (Fig. 3) of 1024 working face in Zhongxin coal mine was taken as an
example to analysis the evolution law of stress and plastic zone in floor of gob-side
entry retaining. The track entry serves the mining of No. 2 coal seam which is of about
400 m depth and 2 m thickness. The width of entry and gob-side filling are 4.5 m and
2.5 m respectively [9]. The surrounding rocks are list in Table 1.
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Fig. 3. The track entry of 1024 working face in Zhongxin coal mine

Table 1. Stress concentration factors at the stage of leading influence during first mining

Strata Lithology Thickness
(m)

Density
(kg/m3)

Bulk
modulus
(GPa)

Shear
modulus
(GPa)

Cohesion
(MPa)

Friction
angle
(°)

Main roof Sand stone 8.0 2660 7.8 5.7 4.2 35
Immediate
roof

Shale stone 1.3 1950 3.2 2.0 1.8 27

Coal seam 2# coal 2.0 1430 2.8 1.5 1.3 24
Floor Sandy

mudstone
0.5 2340 5.9 3.1 2.6 31

Sandy shale 1.5 2170 4.1 2.5 2.1 29
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With the advancing of 1024 working faces and 1025 working face, the abutment
pressure on floor changes. So the stress concentration factors k2 and k3 are set to
different value in the above mechanical calculation model (see Tables 2, 3 and 4).
Other parameters of the track entry are substituted in the formula (1) and (2). Some
results about vertical stress and plastic zone are illustrated in Figs. 4, 5 and 6.

Table 2. Stress concentration factors at the stage of leading influence during first mining

Distance ahead of 1024 working face/m 40 20 10 5

k2 1.26 1.46 1.76 1.87
k3 1.26 1.56 1.92 2.28

Table 3. Stress concentration factors at the stage of entry retaining during first mining

Distance behind of 1024 working face/m −10 −20 −40 −80

k2 2.24 2.54 2.40 2.30
k3 0.67 1.38 1.06 0.89

Table 4. Stress concentration factors at the stage of leading influence during second mining

Distance ahead of 1025 working face/m 60 30 10

k2 2.48 2.70 3.17
k3 0.84 0.96 1.14

(1) 40m ahead of 1024 working face                      (2) 20m ahead of 1024 working face

(3) 5m ahead of 1024 working face                                     (4) Plastic zone

Fig. 4. Distribution of vertical stress and plastic zone in floor at the stage of leading influence
during first mining (MPa)
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(1) -10m behind of 1024 working face                      (2) -40m behind of 1024 working face

(3) -80m behind of 1024 working face                                     (4) Plastic zone

Fig. 5. Distribution of vertical stress and plastic zone in floor at the stage of entry retaining
during first mining (MPa)

(1) 60m ahead of 1025 working face     (2) 30m ahead of 1025 working face

(3) 10m ahead of 1025 working face                                     (4) Plastic zone

Fig. 6. Distribution of vertical stress and plastic zone in floor at the stage of leading influence
during second mining (MPa)
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As we can see from the Figures, the vertical stress and plastic zone in the floor
change with the advancing of two working faces. (1) At the stage of leading influence
during first mining, the vertical stress in floor increases with the advancing of the
working face, and the increasing range of vertical stress at the mining side is larger than
that at the coal side. Thereby, the distribution of stress and plastic zone shows a
asymmetrical characteristic. (2) At the stage of entry retaining during first mining, the
working face mining and roof collapse cause rise and fall of the abutment pressure on
the floor. Thus the vertical stress and plastic zone increase first and then decrease.
Particular care should be taken that, the vertical stress of floor at the coal side is larger
than that at the gob side. thus the plastic zone slant to coal side. (3) At the stage of
leading influence during second mining, basic roof instability gives rise to larger lead
abutment pressure. That make floor bear the larger abutment pressure, and the vertical
stress and plastic zone increase sharply.

2.3 Evolution Law of Rapture in Floor

In the effect process of abutment pressure on the floor, some floor rock may rapture
when the stress stations exceed its strength. In order to find out the rapture process, a
similarity model test was carried out. The test platform is composed of steel structure
and toughened glass (see Fig. 7). The floor is set up based on the production geological
condition of the track entry of 1024 working face in Zhongxin coal mine and similarity
theory. The abutment pressure is loaded by lifting jack according to the load path (see
Fig. 8). A1–A5 and B1–B5 represent abutment pressure at the stage of leading influ-
ence during first mining. A5–A9 and B5–B9 represent abutment pressure at the stage of
entry retaining during first mining.

The similarity model test of gob-side entry retaining demonstrates the forming
process and shape of the main rapture plane of floor (see Figs. 9 and 10). (1) At the
stage of leading influence during first mining, some small raptures formed from the two
bottom corners, and then develop along about 45°. But the rapture degree at the coal
side is larger than that at the mining side because the abutment pressure at the coal side
is bigger. That also proves the asymmetrical characteristic of floor heave. (2) At the
stage of leading influence during first mining, the main rapture gradually formed.

Fig. 7. Test platform Fig. 8. Load path
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It mainly occurred in B6–B8 period, especially the forming speed at the B7 is maxi-
mum. The floor rock slide along the arc-shape main rapture, and that gives rise to floor
heave [10].

3 Control Technology of Floor Heave

The abutment pressure on the floor mainly originates from entry roof and transmits by
two sides. So the property change of both roof and sides can influence the magnitude of
abutment pressure. According to the idea that rigid support can bear more loading [11],
the higher bearing capacity of roof and two sides can reduce the abutment pressure
loading on the floor. The anchor bolts with high strength and high pre-tightening force
can improve the bearing capacity of roof and two sides.

As for the entry roof, the anchor bolts can not only improve the bearing capacity of
surrounding rock in anchorage scope but also reduce separation between the main roof
and immediate roof. In addition, the anchor cables can transfer strata pressure into the
deeper surrounding rock [12]. Thus the magnitude of abutment pressure originated
from entry roof will decrease.

As for the two entry sides, The anchor bolts can made the state of entry sides
change from biaxial compression state to triaxial compression state, which can reduce
the deformation and improve the bearing capacity of two sides [13]. Thus the mag-
nitude of abutment pressure transmitted by two sides will decrease.

We take a gob-side entry retaining in Xinyuan coal mine as an example to analysis
control effect of strengthening support of roof and two sides. The original support
parameters of roof are follows: the anchor bolts with 20 mm in diameter, and 2400 mm

Fig. 9. Evolution law of rapture in floor at the stage of leading influence during first mining

Fig. 10. Evolution law of rapture in floor at the stage of leading influence during first mining
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in length are used to support roof and coal side, the column space is 800 mm, the row
space is 900 mm and the anchored mode is extensible-length anchorage. The anchor
cables with 21.6 mm in diameter, and 10300 mm in length are also used to support
roof, the column space is 1600 mm, and the row space was 900 mm. The calculation
result of the vertical stress based on the above mechanical calculation model
(k2 = 2.18, k3 = 0.74) is illustrated in Fig. 11. If three anchor cables are added between
two anchor bolts for roof (k2 = 2.06, k3 = 0.65, see Fig. 12), the magnitude of vertical
stress and plastic zone decrease. In addition, if one anchor cable are also added between
two anchor bolts for coal side (k2 = 2.026, k3 = 0.67, see Fig. 13), the magnitude of
vertical stress and plastic zone decrease again. So the technology of strengthening
support of roof and two sides can reduce floor heave in gob-side entry retaining.

Fig. 11. Distribution of vertical stress in floor of entry with original support (MPa)

Fig. 12. Distribution of vertical stress in floor of entry with roof strengthening support (MPa)

Fig. 13. Distribution of vertical stress in floor of entry with side strengthening support (MPa)
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4 Conclusion

(1) The established elastoplastic model can be used to analysis the effect of mining
abutment pressure on floor of gob-side entry retaining.

(2) The vertical stress and plastic zone in the floor increase with the advancing of
working face at the stage of leading influence during first mining, increase first
and then decrease at the stage of entry retaining during first mining, and increase
at the stage of leading influence during second mining.

(3) The abutment pressure transmitted by two entry sides with different properties cause
the asymmetrical characteristic of the vertical stress distribution and plastic zone.

(4) The technology of strengthening support of roof and two sides can reduce floor
heave in gob-side entry retaining.
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