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Preface

Real structures are almost always irregular as perfect regularity is an idealization
that very rarely occurs. Structural irregularities may vary dramatically in their
nature, and, in principle, the concept of irregularity is a fuzzy one. Because of
the complex behaviour of such structures under earthquake excitations, it is not
surprising that, in spite of the large research efforts in plan irregular building
structures dating back to the 1970s, even in recent years, many papers have been
devoted to a better understanding of seismic response both of simplified one-storey
and of multi-storey building models.

Of course, research interest has shifted from investigating elastic response to
inelastic response and, subsequently, to developing passive control design strategies,
which appear to be a suitable alternative to traditional design in order to mitigate
irregularity effects. Additionally, a number of studies have dealt with adequacy of
design specifications subscribed by major seismic codes and with issues arising
from use of analysis methods, such as pushover analysis; only few studies still are
devoted to investigating experimental response and effects of rotational components
of input ground motions.

Given the above-summarized research scenario, this book collects state-of-the-art
versions of paper presented at the 6th European Workshop on the Seismic Behaviour
of Irregular and Complex Structures, held under the auspices of Task Group 8 (TG8)
of the European Association for Earthquake Engineering in Haifa at the Technion –
Israel Institute of Technology during September 2011.

The book provides for the most updated review of the issue, including contri-
butions coming from 13 countries and giving a complete and international outlook.
It is an essential tool for understanding the problem of structural irregularities and
provides for the most updated review of this issue, starting from ground rotations,
angle of incidence of seismic waves and their effects on structures, through the
study of the seismic behaviour, the analysis and design of such structures, up to
control and monitoring of irregular buildings. The topic of ground rotations is new
in the context of irregular buildings and was added under the umbrella of TG8 in
the workshop and in the book for the first time.
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Part I
Ground Rotations, Angle of Incidence

of Seismic Waves, and Their Effect
on Structures



Chapter 1
An Investigation of an External Impact
Conversion into the Strained Rotation Inside
Ancient Boulder Structures (Solovky Islands,
White Sea)

Felix Yudahin�, Galina Antonovskaya, Nataly Kapustian, Egor Egorov,
and Aleksey Klimov

Abstract The experimental seismic study of ancient structures are discussed
to find out constructive solutions forming and reasons of their high long-term
stability against external impacts, including local non-catastrophic earthquakes.
The theoretical background is based on the fact that any block media is capable
to convert external deformational influence into the seismic radiation. One of the
conversion processes is a strained rotation of blocks. The resulting seismic field
contains eigen oscillations of the blocks and high-frequency signal generated at the
blocks contacts. The experimental observations were performed with standard linear
seismic sensors and direct rotational readout sensors. The experimentally observed
response is compared with numerical models of the structure dynamics.
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1.1 Introduction

The objective of the current investigation is to figure out the origin of the long-term
high stability of some ancient buildings towards external impacts including local
non-catastrophic earthquakes. This is done by studying the mechanic implemented
in the structure of these buildings.

One of the methods found relies on construction formed by series of large
monolith blocks with a characteristic dimension from 1/100 to 1/10 of the whole
building. Glacial granite or basalt boulders are a construction material commonly
used in Northern Europe. And the houses build with it proved to be the most durable
towards both natural and anthropogenic influence including seismic. Despite the
hard basic constructional material a large portion of the wall space belongs to gaps
filled with mortar or brick masonry. This less rigid media allows the construction
to adjust itself optimally to the load applied. One of the adjusting mechanisms is
a strained rotation. Substantially, it is dominant at the external load processing by
Earth crust blocks at platform areas (Kocharyan and Spivak 2003) so that it can
possibly contribute to the geodynamical stability of the platforms.

We performed seismic experiments on natural objects to probe a boulder
masonwork impact processing mechanism. Several masonry types were studied
with varying boulder size, mortar type and external load properties. Basic impact
types were studied including gradual slow, series of pulses and a prolonged vibration
of a combined nature, being a wind pulses with microseisms. The objects examined
all belong to Solovetsky monastery. They are: a sea and a lake boulder dams and
the famous fortification – White Tower. The striking feature of objects location
especially dams is an absence of constant anthropogenic vibrations, which is rarely
found on the planet nowadays. Additionally, the dam locations are uninhabited thus
greatly simplifying the detection of the media response to an external impact.

1.2 Experiment Description

1.2.1 Methodology and Dams Description

A theory behind observations is based on the fact that any blocked media is
capable to convert external deformational influence into the seismic radiation.
One of the conversion processes is a strained rotation of blocks. The resulting
seismic field contains eigenmodes of blocks and a high-frequency signal radiated
by joints between blocks. Theoretically this mechanism decreases the strength of
construction but preserves its integrity against external impacts. The purpose of
the field experiment was to establish observation schemes and data processing
techniques capable of the characteristic seismic signal identification and confirming
this type of structural behavior.
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Fig. 1.1 A satellite view (to the left) and a photo (to the right) of the big sea dam at Solovky
Islands

The observations were performed with standard linear seismic sensors (seismo-
logical accelerometers CMG-5T, velocimeters CMG3TD by Guralp and Russian
SM-3) and direct readout rotational sensors. The direct registration of the rotational
modes was carried out with the help of special sensor installed side by side to the
linear sensors, which measures angular velocities (or angular accelerations) in XY,
XZ and YZ planes. The model of the sensor is METR-03 by R-sensors Co (Lee et al.
2009).

The big sea dam in Fig. 1.1 is built in nineteenth century and dams the channel
between the two islands in White sea. It is 1.1 km long 10 m width and its height is
6–7 m while 2 m of these are always underwater. The boulders forming the dam are
averagely 1 m in diameter and are bind with sand-clay mortar. The dam has zigzag
shape because of the several factors. Firstly, the basement of the dam is partially a
morainal ridge since a plenty of such ridges is found at islands shores, which are
clearly seen from satellite picture in Fig. 1.1. These ridges are responsible for the
curvatures at the dam ends. Secondarily, curvatures at the central part are considered
to be the most appropriate for the water flow of sea currents in the channel. This
suggestion has to be proved by calculations though the shape of the central part is a
shape of the second oscillation mode of a slab fixed at sides. Passages for small ships
are found at the central part. Besides the natural loads including thermal and tidal
cycles, gales and erosion processes dams were barbarian treated in 30-s of twentieth
century.

The small (lake) dam is placed in an interconnected system of internal lakes
of the Bolshoy Solovetsky Island. The dam serves as a backing wall (a shore part
substantially) for a remote lake thus enclosing the system. The dam is 225 m
length the width and height are both of 4 m. The same composition based on
morainal boulders 1 m size is bonded with sand-clay mortar. We performed seismic
prospecting profile along the dam. The results of data processing reveal two
boundaries, first one is related to dam-bottom boundary and the second (13 m depth)
is ascribed to a bedrock.
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1.2.2 Observation of the Blocked Media Response to External
Impacts: Pulses

To understand the possible mechanism responsible for the external load processing
two “clean” experiments were carried out during two field seasons in 2008–2009
with the same shot points. Several stations with three-component accelerometers
CMG-5T Guralp were placed in several points at the dam ridge (2008, 2009) and
few additionally aside in 2009. The pulses were generated to probe the structure with
a 20–80 Hz frequency impact with 100 and 10 pulses series in 2008 and 100 pulses
in 2009. The record was maintained after the pulses till the batteries got empty.

Frequency-time plots are presented in Fig. 1.2 for components: Z, transversely
(?) and parallel (II) to the dam at points 1, 2 and 3 (2008). The pulse series is
clearly observed at 500s. The higher microseisms level of 30–40 Hz is present in
the parallel component in respect to the transversal one. Notably this raised level is
seen before and after pulses. This could be a result of the dam being fixed at edges in
a shore. During 2008 and 2009 aftershot measurements the curves elevated at higher
frequencies (>30 Hz). This change varies across horizontal components – the high-
frequency radiation transversely is lower than the radiation along the dam. This
effect reproduces in 2008 and in 2009. Additionally a maximum at low frequencies
is detected in all components. Its position shifts with years is 2.5 Hz in 2008 and
3 Hz in 2009. In frequency-time plots in Fig. 1.2 this maximum is seen as a stable
narrow line with stable frequency.

The observation of such a signal in an uninhabited region is very strange
especially it being present at the dam with no sign of it outside. These all factors
are the witness this peak to be an eigenfrequency of the dam. Given dam’s
geometry, ground bonding at bottom and along its sides, construction material (torn
rubble stone) and the mortar type (the weakest one) the finite element model was
constructed to estimate eigenfrequency of a slab similar to the dam. The low-
frequency amplitude values are schematically shown in Fig. 1.3 for observation
points along the dam. The first form oscillations fit the experimental data by the
frequency and amplitude ration for points. The shift from 2.5 to 3 Hz in 2008–2009
is explained simply by a rainy summer in 2008 and thus a mortar being more
elastic compared to the dry summer of 2009. The rigid mortar corresponds to a
rigid construction with higher eigenfrequency.

The amplitude ratio of low (2–3 Hz) to high (�36 Hz) frequency signals
varies considerably from parallel to transverse the dam (Fig. 1.2). Low-frequency
signals dominate at the transverse component and high-frequency – along it.
These two directions will be mentioned further as “basic” for the respective
signal frequencies – Fig. 1.3. First oscillation mode is well seen on the low-
frequency amplitudes envelope. The maximal high-frequency radiation is directed
perpendicularly. Additionally the maxima for the both vibration types is detected at
the center of the dam.

In order to understand these peculiarities let us consider the following model
describing the processes taking place in the dam’s centre (Fig. 1.3). Some of the



1 An Investigation of an External Impact Conversion into the Strained. . . 7

Fig. 1.2 The shot impact experiment at the lake dam: (a) – the measurement scheme,
(b) – microseism frequency-time plots for observations: Z, perpendicular (?) and parallel (II)
to the dam directions, (c) – microseism power spectra observed in 2008 and 2009

boulders move when the first mode oscillations take place. This deviation is larger
for central ones than for the boulders at edges. The resulting “hooking” between
the sides of boulders during the strained rotation leads to the microscopic defects
formation in bonding material, e.g. micro cracks. The series of high-frequency pulse
is witness of this mechanism created by the intense low-frequency oscillations. An
example is shown in Fig. 1.3. It is known that shearing deformation result in the
seismic radiation propagating transversely to the deformation direction (Myachkin
et al. 1974), which is indeed in the case.

The following mechanism occupies some time required to process an external
influence. Fig. 1.4 shows the amplitude-time plots of both high- and low-frequency
signals at the components on both (? and II) horizontal directions at point 2 in the
center of the dam. The local minima (“calm”) appears in all curves few minutes after
the shot. Then it is followed by a rise of the amplitudes reaching the level higher than
before shocks. The duration of such specific “excitations” reaches 1.5–2 h.

The series of intervals with magnitude surges are present with an important one
at 40 min after shocks – Fig. 1.4. The time shift between magnitude curves of
low- (ALF) and high-frequency (AHF) oscillations is the important fact. The rise
of AHF takes place at high ALF values and the decrease of ALF at high values of
AHF correspondingly. These peculiarities can be explained by a non-controversial
model. It relies on construction eigenfrequency oscillations, which are caused
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Fig. 1.3 The transformation of low-frequency eigenmode oscillations into high-frequency
microseisms: (a) – an experimental scheme with sensors positions and amplitudes of dominant
oscillations, (b) – the scheme of the transformation mechanism based on boulder steering at dam
eigenmode oscillations (red arrows) and on micropulse formation at the boundaries of the boulders,
insets – typical micro pulses waveforms along all three seismic components

by microseisms or wind pulses, being present at all times. The batch of shot
impacts including some matching boulder’s eigenfrequency (40 Hz according to
Kocharyan and Spivak 2003) assisted severely the reorganization of the bonds
between blocks. This resulted in a “calm” and in followed dam rocking resulting
from the new bond structure. The strongest force affects boulders and mortar at high
amplitude oscillations, especially in the centre of the dam. This is the case when
the considered transformation mechanism of low-frequency oscillations into high-
frequency radiation can take place. Thus presence of high-frequency component
points at the crack formation. The bond between boulders weakens due to defects in
mortar resulting in the dam oscillation damping.

A surprisingly time and spatial signal reproducibility is seen from the analysis
of data obtained at all points during several years of study. The main trends are:
high- and low-frequency resonance oscillations and their amplitude ratio, seismic
radiation anisotropy (across and along the dam) and finally the maximum shot
response at the center of the dam. Another important feature is the reproduction of
time evolution peculiarities shown at Fig. 1.4: the radiation “calm” (low-frequency
especially) followed with an anomalous surge long time (40 min in 2008 and
70 min in 2009) after the shot. The possible situation following these is a sort of
an oscillation “reorganization” resulting in time evolution at different points being
similar.



1 An Investigation of an External Impact Conversion into the Strained. . . 9

Fig. 1.4 The lake dam experiment: (a) – time behavior of high- and low-frequency amplitudes
along axis parallel (II) and perpendicular (?) to the dam at point 2 in 2008, (b) – time behavior
of high-frequency amplitudes after shots at various points in 2008 and 2009 (curves sorted by the
distance from shot point and asterisks mark anomalous surges), (c) – an experimental scheme with
amplitudes of the dam eigenmode oscillations

An analogous experiment with a shot impact carried out on a larger sea dam
doesn’t contradict qualitatively the former one. An abrupt surge of the amplitude-
time evolution is detected at the center of both dams. This effect relates to
an increase of the local strained deformed state at the observation points. The
eigenfrequency oscillations are the cause at the small dam appearing as a 2–3 Hz
peak in power spectrum. The cause for the sea dam is a strain concentrator, which
is an ark in the dam body build to allow a passage for small ships.

Let us estimate the seismic conversion efficiency of an impact into response.
Given � � v, v – being an amplitude of displacement velocity and considering
that response and impact have similar frequencies and an amount of phases, we
get vresponse/vimpact � 4*10�8 m/s/4*10�6 m/s D 0.01 with an efficiency of 1%. This
very value of 1–2% was obtained in an additional experiment with a sea dam, which
is described further. Since only up to 10% of an impact enters the solid the total
efficiency is of an order of 0.1%. These values were obtained in our experiment with
an “intermediate chain”, which is a resonance dam excitation at low frequencies i.e.
with a nonlinear impact transformation.
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1.2.3 Blocked Media Response to an External Impact:
Smooth Loads

Several types of smooth loads affecting constructions are present: tectonic
deformational waves, air pressure changes and short thermal cycles. Usually the
properties of time evolution of slow processes are unknown thus complicating the
task of the response evaluation. We consider the load processing is carried out by
blocks vibrations resulting in a flow of micro-pulses as in the previously described
experiment. Basing on this assumption an observation aim is to detect change in
statistics of such a flow and to compare of the change to the impact that causes
it. A Guttenberg-Richter law suits this task. This law can be applied not only to
earthquakes but also to pulses of microevents (Rykunov and Smirnov 1996).

According to the observation technique three seismic components (X, Y, Z) are
recorded in a wide frequency band (0.5–60 Hz). Important is that events are very
weak and are masked by the noise. The flow of superweak events emitted by the
media allows one to obtain an amount of pulses sufficient for statistical analysis
(thousands) in a short time range (3 h in observation point). The data analysis
procedure is a main feature of the method as well as the construction of Guttenberg-
Richter law plot, which characterizes seismicity in 1–3 km vicinity around the
observation point. Analysis are based on calculation of the coherence function for
different components of a seismic signal in an observation point ›ij .f /:

�ij .f / D
ˇ
ˇS ij .f /

ˇ
ˇ

p

S ii.f / � S jj.f /
;

where i, j are pairs of (Z, X, Y) components, f – frequency, S ii .f /, S jj .f / –
power spectra for the i and j component respectively and

ˇ
ˇS ij .f /

ˇ
ˇ is an averaged

mutual spectrum for the i, j components couple. The coherence function is virtually
a correlation coefficient for each frequency component of a signal.

It is easy to show that �ij .f / is equal to 0 if the seismic noise is collected from
the entire media volume. In the frequency band of a signal source coherence function
is 0 < �ij .f / � 1 if the preferential direction is present to the source within media
or on its surface. Thus, a coherence function calculation allows picking out signals
emitted from the compact volume. In addition, it permits not only suppressing of
signals from large volume sources (e.g. surface microseisms) but also of signals
generated by the moving transport. Comparison of �ij .f / for component pairs in
a horizontal plane with �ij .f / estimation in vertical planes allows elimination of
signal sources on the surface.

It’s possible to calculate the set of �ij .f / estimated for consecutive time
intervals and to obtain the distribution (histograms) of �ij .f /. Let us consider that a
microseism level is identical in different points of an observation area or that levels
are easily compared. Then for very weak events (signal-to-noise ratio S=N << 1)
it is possible to use this distribution of �ij .f / as a Guttenberg-Richter plot in the
vicinity of an observation point.
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Fig. 1.5 The microseismic field at the sea dam: (a) – an example of a three-component signal
recording with micropulses (*), (b) – the typical power spectra for Z, X and Y components,
(c) – coherence diagrams (histograms) corresponding to the phases of sea tide

For the sea dam the main influence is the water level raising and lowering due
to the sea tide, and a load estimation gives 0.1 bars (12 h tide period). Seismic
measurements were put on hold during the phase of the tide when the water level
had achieved its maximum and started to decrease. Hence, the load was alternating
during the registration. Typical power spectra and a part of measured microseismic
signal are shown in Fig. 1.5. Several micro-events, which are clearly distinguishable
on the Z and Y components, are marked. The main frequency of these events is equal
40 Hz approximately. This fact is reflected in a local maxima present on the spectra
for all components. Suffice to say, according to (Kocharyan and Spivak 2003) this
frequency is an eigenfrequency for vibrations of blocks with the characteristic
dimension of 1 m. The seismic signal in a frequency band of 45–55 Hz is the
most intense for the X (?) component of microseisms. Thus, this radiation can be
produced by processes caused by the water level change taking into account that the
tide influence direction and X component coincides. There are maxima present at
higher frequencies on Z and Y components and partly on X component (>60 Hz).
Presence of such maxima can be attributed to a boulder “stirring” caused by the tide.

We calculated coherence functions for different pairs of components in the time
interval sliding along the record. Using these values, we plot in Fig. 1.5 histograms
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with separation between intervals of the water level rising and lowering. Curves are
close to straight lines which additionally confirms their analogy with Guttenberg-
Richter plots. The comparison of the curves reveals that the sequence of curve
slopes follows changes of the water level mostly in the dam cross-section plane.
A comparison for different cross-sections (Z–X, Z–Y) reveals the difference, which
implies that the methodic is sensitive not only to a value influence but also to its
direction. These all supports the strained rotation assumed as the major mechanism
of external load processing by the media.

Basing on a concept of processes occurring during straitened rotation of blocks
one can estimate the value of the tension decrease during a seismic radiation
(Kocharyan and Spivak 2003): �� D v0NG=L�f , v0 is the maximum amplitude
of pulses, N D 5 – number of phases in a pulse, L – the typical block dimension.
Given �0 � 100 nm/s, G D 2�1010 Pa (granite), L D 1 m and f D 40 Hz we obtain
�¢ � 100 Pa D 10�3 bar. Considering the influence load (�0.1 bar) it’s possible to
estimate that 1% from the active load is lost in a form of high-frequency microseism
signals.

1.2.4 Block Media Response to External Impact:
Long-Term Impact

All the constructions studied earlier were composed of rigid blocks with weak
bonds between them – granite boulders with a clay-sand mortar. Let us consider
the building with strong bonds. It is a tower of Solovetsky monastery (sixteenth
century). It has a round shape and is built from boulders with a brick-lime filling
(Fig. 1.6). The characteristic oscillations caused by microseisms and wind pulses
were studied. Both linear and rotation sensors were used with placement positions at
gun slots of the fourth floor and at the ground. In a horizontal plane the observation
components were aligned along the radius and the tangent.

The comparison of power spectra at different points and for different types of
seismometers is shown in Fig. 1.6. Peaks are present, which correspond to the
eigenfrequency oscillations of the building. A model was made (Fig. 1.6) allowing
a calculation of construction dynamics. The resulting data were the trajectories of
various oscillation modes motion. The examples of these trajectories are shown in
Fig. 1.6. Thus, basing on the comparison between the calculation and experiment
the spectra peaks were identified – Fig. 1.6. The rotation of the whole tower appears
in a rotation signal jointly with the rotation of the various parts of the tower. The
20 Hz peak on the spectra for a rotation around Z axis relates to the roof motion
while the 40 Hz peak is attributed to the boulder rotation. Substantially, the peaks at
these very frequencies are detected at the dams, which are composed of the similar
boulders.
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Fig. 1.6 The seismometric study of Solovky tower operation: (a) – photo, (b) – a constructional
scheme used in modeling, (c) – blocks movement during eigenmode oscillations, (d) – power
spectra of linear and rotational sensors records at various points

1.3 Results

1. For all the tested structures the response typical for strained rotation was
observed. For the sea dam the variation of the micro pulses flow was corre-
lated with a growth/decline of the water level on the dam walls. The more
complex mechanism was found for the lake dam. The artificial strikes produced
eigenmode oscillations of the dam structure, which are associated with strained
rotations of the blocks. If the amplitude of the eigenmode oscillations exceeds
some threshold the high-frequency seismic radiation is produced. For the tower
the strained rotations are also associated with the eigenmode oscillations.

2. The intensity of the signal, frequency and time behavior of the seismic radiation
depends on the type of excitation, design of the structure and properties of the
constructive materials. Some features of the response can be predicted a priori
using numerical models.

3. All external impacts during the experimental study are very weak (the pressure
variance �100 Pa), but can be easily detected by seismometers including the
rotational ones.
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1.4 Conclusions

1. The theoretical concepts of the external impacts conversion by the block media
by strained rotations mechanisms has been proven experimentally.

2. The long-term history of the ancient structures confirms the possibility to design
the similar ones with very long time stability against non-catastrophic impacts.

3. A new method for the long-term processes (for example, tectonic) study using
stationary seismic observations (including rotational measurements on the con-
structions of the blocks) can be developed
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Chapter 2
Numerical Analyses of Seismic Ground
Rotations from the Wave Passage Effects

Zbigniew Zembaty

Abstract This chapter presents the problem of deriving rotational ground motions
(torsion about vertical axis and rocking about horizontal axis) from the wave decom-
positions of translational ground motions. Respective formulas for the torsional and
rocking power spectral densities are formulated in terms of translational acceleration
seismic components. The numerical analysis shows that rotational components are
shifted to higher frequencies compared to the respective translational ones and are
inversely proportional to the shear wave velocity at a site, which means that they
will be more pronounced for softer than hard sites.

2.1 Introduction

The presence of the rotational components in seismic surface ground motion
or structural response was only occasionally discussed during the early period
of seismic engineering (e.g., Immamura 1937; Richter 1958; Newmark and
Rosenblueth 1971). Recent analyses give more and more arguments for treating
seriously not only the rotations in structural seismic response, which come from
structural irregularities, but also the ground motion rotations (see, e.g., recent
Springer monograph edited by Teisseyre et al. (2007) or special issue of Bulletin of
the Seismological Society of America from 2009, edited by Lee et al. (2009)).

The seismic rotations, as they appear on the ground surface, can be an effect
of direct surface or gravity wave propagation and hypothetical rotational waves
appearing in the near field of strong earthquakes or they may appear as an effect
of upcoming body waves. The measurements of small, teleseismic rotations are
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actually carried out with some success (Lee et al. 2009); however, the strong motion
rotations were not measured so far. Thus, indirect methods of their assessment
for engineering purposes are applied. Since the early 1980s, two groups of such
methods have emerged in the literature:

• The first group of methods utilizes the synchronized measurements of transla-
tional ground motions at the short distances (e.g., Niazi 1986; Oliveira and Bolt
1989; Castellani and Zembaty 1996).

• The second group of methods is based on the analyses of the wave passage effects
at a site, constructing respective wave field, and differentiating it with respect to a
spatial coordinate. These methods emerged from the landmark paper by Trifunac
from 1982 (Trifunac 1982) and were later developed by Lee and Trifunac (1985,
1987, 2009), Rutenberg and Heidebrecht (1985), Castellani and Boffi (1989),
Zembaty et al. (1993), Zembaty (2009), and Li et al. (1997, 2002).

In this chapter, methods of the second group will be utilized. It is known (e.g.,
Trifunac 1982) that the surface torsion '(t) can be an effect of SH and Love wave
propagation, while the rocking ground motion  (t) results from P and SV waves as
well as Rayleigh wave ground motion. The surface wave contribution in total strong
ground motion can vary from earthquake to earthquake, and the actual amount of
this contribution is still disputable. In this chapter, only effects of body waves on
surface rotations will be studied.

2.2 Problem Statement

Any site on the ground surface can be subjected to six motions during earth-
quakes:

• Three translations u(t), v(t), and w(t) along x-, y-, and z-axes
• Three rotations around these axes  X(t),  Y (t), and  Z(t)

The rotation  Z(t) around vertical axis is usually called torsion and is denoted
here as '(t), while the rotations  X(t) and  Y (t) around horizontal axes are called
rockings. Directing axis x toward the epicenter defines the system of so-called
principal axes (Fig. 2.1).

In 1975, Penzien and Watabe (1975) have shown that three translational com-
ponents of seismic ground motion along the respective principal axes x, y, and z
are uncorrelated. What is more, when spatial seismic effects at two distinct surface
points A and B are analyzed, the respective coherence matrix transforms as a
tensor when the system of coordinates is changed (see, e.g., Zembaty 1997). The
decomposition of plane waves analyzed in the coordinate system of principal axes
leads to two rotations only:

• Torsion '(t) D Z (t) around vertical axis
• Rocking  (t) D Y around horizontal axis y, perpendicular to site-epicenter

direction (x-axis)
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Fig. 2.1 System of principal axes at a site and two rotations ' and  

Consider now an elastic half-space. In this chapter, only the two surface rotations
(' and  ), defined above, are considered (Fig. 2.1). These two rotations can be
obtained using solid body mechanics as

'.t/ D 1

2

�
@v.t; x; y/

@x
� @u.t; x; y/

@y

�

(2.1)

 .t/ D @w.t; x; y/

@x
(2.2)

Now, the ground motion shall be decomposed onto respective wave components
and differentiated with respect to spatial coordinates x and y. We shall start from the
SH waves decomposition leading to respective torsion (Eq. 2.1).

2.3 Torsion from SH Waves

Consider an SH wave incident on the free surface at an angle ‚S (Fig. 2.2).
This wave is reflected at the same angle ‚S, and the same amplitude is kept for

the reflected wave (Aki and Richards 1980). Thus, the amplitudes of the ground
motions u(t) and w(t) along axes x and z, respectively, are equal to zero, while the
amplitude of the ground motion v(t) along axis y does not depend on the angle of
incidence and equals

Av D 2ASH (2.3)

From formula (2.1), it is evident that the torsional component (ground rotations
around vertical axis) will be built by the derivatives of two horizontal motions u(t)
and v(t). For plane waves and the principal coordinate system from Fig. 2.1, the
SH component v(t) along y-axis depends only on coordinate x, while P and SV
contributions (along x-axis) do not depend on y; so Eq. 2.1 gives

' D 1

2

�
@v

@x
� @u

@y

�

D 1

2

@v

@x
(2.4)
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Fig. 2.2 SH wave incident on the ground surface

Now assume that the horizontal acceleration along y-axis can be written as a
stochastic process in form of Stieltjes-Fourier integral

Rv.t/ D
1Z

�1
ei!t dORv.!/ (2.5)

The process ORv.!/ is a random function in frequency domain with orthogonal
increments, i.e.,

D

dORv.!1/dORv.!2/�
E

DD
8

<

:

�ˇ
ˇ
ˇdORv.!/

ˇ
ˇ
ˇ

2
�

D SRv.!/d! for !1 D !2 D !

0 for !1 ¤ !2

(2.6)

where ! is angular frequency [rad/s], symbol< : : : > denotes mathematical expec-
tation, an asterisk denotes complex conjugate, and SRv.!/ represents power spectral
density of the acceleration process Rv.t/. The acceleration Rv.t/ in a frequency band
(!, !C d!) can be written as a wave propagating along x direction:

dRv D 2 exp

�

i!

�

t � x sin.‚S/

cS

��

d OR̂ SH.!/ (2.7)

coming from the horizontal component of the acceleration S wave d R̂ .t/ D
ei!td OR̂ SH.!/ incident at the free surface with angle ‚S and velocity cS. For x D 0,
Eq. 2.7 simplifies to

dRv D 2ei!td OR̂ SH.!/ (2.8)
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From formulas 2.4, 2.7, and 2.8, one obtains the torsional component:

d R' D 1

2

@

@x
dRv.t; !; x/jxD0 D �i! sin.‚S/

cS
ei!td OR̂ SH.!/ (2.9)

Taking into account Eq. 2.8, one obtains

d R' D � i!
2

sin.‚S/

cS
dORv.!/ (2.10)

which can be integrated in the whole frequency domain

R'.t/ D
Z 1

�1

�

� i!
2

sin.‚S/

cS

�

dORv.!/ (2.11)

and using Eq. 2.6. can be applied to obtain any response statistics. For example, the
mean square torsion equals

�2R' D
Z 1

�1
1

.2cS/
2

sin2.‚S/!
2SRv.!/ d! (2.12)

The integrand in this equation is power spectral density of the torsional
component:

S R'.!/ D 1

.2cS/
2

sin2.‚S/!
2SRv.!/ (2.13)

It can be seen from formula (2.13) that the resulting torsional spectrum will be
frequency shifted (!2 factor), i.e., proportional to the third derivative of translational
displacements. In Fig. 2.3, the coefficient sin2(‚S)/(2cS)2 from Eq. 2.13 is plotted
versus angle of incidence of shear waves‚S.

It can be seen from this figure and Eq. 2.13 that the torsional component increases
with the increasing angle of incidence �S, and that it is inversely proportional to
the shear wave velocity, which means that it will be more pronounced for softer
soils.

2.4 Rocking from P and SV Wave Reflections

2.4.1 P Wave Reflection

Consider P waves incident on the ground surface (Fig. 2.4a). Each incident P wave
generates a reflected P wave going down, under the same angle ‚PP D‚P and a
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Fig. 2.3 Coefficient [sin(‚S)/2cS]2 of Eq. 2.13 versus angle of incidence ‚S

Fig. 2.4 P and SV waves incident on the ground surface at two different angles ‚P and ‚S

reflected SV wave at an angle ‚PS which results from the familiar formula of the
geometric optics (e.g., Aki and Richards 1980):

sin.‚P /

sin.‚PS/
D cP

cS
D S (2.14)

where cP is the P wave velocity and S stands for the ratio of P to S wave velocity.
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2.4.2 SV Wave Reflection

Consider next the SV wave reflection at the incidence angle �S (Fig. 2.4b). Each
wave SV is reflected as SV and as P wave under the angle which can be obtained
from following equation:

sin.‚S/

sin.‚SP/
D cS

cP
D 1

S
(2.15)

2.4.3 Derivation of Rocking Spectral Density from Joint
Reflections of P and SV Waves

Referring to Fig. 2.4a, b, one can derive amplitudes of horizontal (AX) and vertical
(AZ) surface ground motions in terms of respective amplitudes AP and ASV of the
P and SV waves with certain circular frequency ! [rad/s] impinging on the free
surface

Ax D UPAP C USASV (2.16)

Az D WPAP CWSASV (2.17)

where coefficients UP, US, WP, WS equal (see Fig. 2.4a, b)

UP D .1C PP / sin‚P C PP cos‚PS (2.18)

WP D .PP � 1/ cos‚P C PS sin‚PS (2.19)

US D .1C SS/ cos.‚S/C SP sin.‚SP/ (2.20)

WS D .1 � SS/ sin.‚S/� SP cos.‚SP/ (2.21)

The coefficients of the free surface reflections are given, in turn, by following
formulas:

Pp D �.S2 � 2sin2‚P /
2 C 4sin2‚P cos‚P cos‚PS

.S2 � 2sin2‚P /
2 C 4sin2‚P cos‚P cos‚PS

(2.22)

PS D 4S sin‚P cos‚P.S
2 � 2sin2‚P /

.S2 � 2sin2‚P /
2 C 4Ssin2‚P cos2‚P cos‚PS/

(2.23)
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Sp D 4 sin‚S cos‚S.1 � 2sin2‚S/

S.1 � 2sin2‚S/
2 C 4sin2‚S cos‚SP cos‚S

(2.24)

SS D S.1 � 2sin2‚S/
2 � 4sin2‚S cos‚SP cos‚S

S.1 � 2sin2‚S/
2 C 4sin2‚S cos‚SP cos‚S

(2.25)

which were obtained from Chap. 5 of Aki, Richards monograph (Aki and Richards
1980). The amplitudes of both waves reflected without wave-type conversion
(P ! P, S ! S) as well as with such the conversion (P ! S, S ! P) depend on the
incident angles‚P and‚S in a complicated way. For some angles, there is almost no
conversion; for another ones, the converted waves dominate. It should be noted that
the SP and SS coefficients are becoming complex when the incidence angle becomes
critical‚S D‚cr, and instead of being reflected, the S wave propagates as a surface
wave (Aki and Richards 1980).

Assume now that the incident P and SV waves are random processes with the
Stieltjes–Fourier representation as it was already shown for the torsional ground
motion in Chap. 3. Then the horizontal acceleration signals Ru.t/ and vertical one
Rw.t/ can be written as

Ru.t/ D
1Z

�1
ei!td ORu.!/I Rw.t/ D

1Z

�1
ei!td ORw.!/ (2.26)

where dashed symbols are random processes in the frequency domain with orthog-
onal increments. This time the orthogonality condition holds not only separately for
each of the two processes Ru.t/ and Rw.t/ (Eq. 2.6) but also simultaneously

D

dORu.!1/d ORw�
.!2/

E

D
( Dˇ
ˇ
ˇdORu.!/d ORw�

.!/
ˇ
ˇ
ˇ

E

D SRu Rw.!/d! for !1 D !2 D !

0 for !1 ¤ !2

(2.27)

where SRu Rw.!/ is the co-spectral density of processes Ru.t/ and Rw.t/. Now the
horizontal and vertical accelerations along x- and z-axes (Fig. 2.4a, b) are written
as infinitesimal contributions of two stochastic processes, horizontal and vertical, as
follows

ei!	dORu.!/; ei!	d ORw.!/ (2.28)

in frequency band (!, !C d!). Following Eqs. 2.14 and 2.15, these two motions
can be written as “P” and “SV” wave contributions:

(

dRu D dRup C dRus
d Rw D d Rwp C d Rws

(2.29)

http://dx.doi.org/10.1007/978-94-007-5377-8_5
http://dx.doi.org/10.1007/978-94-007-5377-8_3
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Procedure analogous to that described here in Chap. 3 leads to two waves
propagating on the ground surface in vertical plane with apparent velocities sin�P/cP

and sin‚S/cS:

d Rw.t; !; x/ D Wp exp

�

i!

�

t � x sin.‚P /

cp

��

d OR̂
p.!/

CWs exp

�

i!

�

t � x sin.‚S/

cs

��

d OR̂
s.!/ (2.30)

which are projections of the waves d R̂
P .t/ D ei!t d OR̂

p.!/ and d R̂
S .t/ D

ei!t d OR̂
S.!/ with frequency ¨, impinging the free surface at angles ‚P and ‚S.

Differentiating Eq. 2.30 with respect to spatial coordinate x (see Eq. 2.2), spectral
density of the rocking component can be obtained

S R .!/ D jWX j2!2SRu.!/C 2WXW
�
Z SRu Rw.!/C jWZj2!2S Rw.!/ (2.31)

where the coefficients WX and WZ

Wx D 1

cS

WpWs

D

�
sin.‚P /

S
� sin.‚S/

�

(2.32)

Wz D 1

cS

�
WpUs

D

sin.‚P /

S
� WSUP

D
sin.�S /

�

(2.33)

are written in terms of shear wave velocity cS, the ratio of P to S wave velocity
S D cP/cS, and the incidence angles of both waves. The typical engineering, local
site (soil) parameter is the shear wave velocity cS which equals to square root of
the ratio of shear modulus of elasticity G to the soil density ¡ (cS D p

(G/
)). This
means that, as it was for the torsional component, the rocking ground motion is
inversely proportional to stiffness of the soil at the site. If we follow the assumption
of Penzien and Watabe (1975), of lack of correlation among principal axes (x, y, z),
then Eq. 2.31 simplifies to

S R .!/ D jWX j2!2SRu.!/C jWZ j2!2S Rw.!/ (2.34)

In Fig. 2.5, plots of modulus of coefficients WX and WZ, normalized with respect
to shear wave velocity, are shown for three values of the P to S wave velocity
coefficient S D cP/cS, representing deviations for typical soils, because the S coeffi-
cient directly depends on the Poisson coefficient � of the soil with S D p

(2�2 �)/p
(1�2 �). The plots are shown for equal angles of incidence ‚P D‚S. It can be

seen that the WZ coefficient does not depend strongly on S. On the other hand, the
coefficient WX depends substantially on S only for overcritical angles where anyway
it is much smaller than WZ .

http://dx.doi.org/10.1007/978-94-007-5377-8_3
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Fig. 2.5 Plots of modulus of coefficients WX and WZ (normalized with respect to shear wave
velocity) for three values of S D 1.5, 1.73, and 2.0 and for equal incidence angles ‚P D‚S

In Fig. 2.6, a 3D plot of the dependence of the modulus of WX coefficient on two
(assumed as separate) angles of incidence ‚P and ‚S is shown for S D 1.73, while
in Fig. 2.7 respective 3D plot of the dependence of the modulus of WZ coefficient
on the two angles‚P and ‚S is shown for S D 1.73.

The cross sections of these 3D plots, going diagonally for ‚P D‚S, display the
results presented in Fig. 2.5 for S D 1.73. The plot of jWXj, shown in Fig. 2.6 as 3D
plot, is rescaled due to its substantial increase in the area, where the S wave comes
at a critical angle, while the P wave comes at a very small angle. Besides, the jWXj
coefficient stays rather small compared to jWZj. Except for small ‚S angles and
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Fig. 2.6 Plot of modulus of coefficient WX (normalized with respect to shear wave velocity) shown
as a function of two, independent incidence angles ‚P and ‚S

large ‚P angles, the jWZ j coefficient almost uniformly increases with increasing
incidence angles. Some faster variations of jWZj can be observed for small ‚P

angles and critical‚S angles. If one assumes that the surface of the ground overlays
more stiff soils as is the typical situation, then the body waves will have a tendency
to refract to the vertical direction. In this case, one has to deal mostly with low
values of ‚S and ‚P. In this case, respective area of low ‚S and low ‚P values of
the 3D plot from Figs. 2.6 and 2.7 will find practical application.

2.5 Conclusions

A concise numerical analysis of the effect body wave reflections from the free
surface on the respective torsional (rotation about vertical axis) and rocking
ground motion (rotation about horizontal axis) is presented. The torsional ground
motion was obtained from SH wave reflection data and horizontal component of
ground motion, while the rocking from the P and SV wave reflections as the
horizontal and vertical translational components. Respective formulas were derived
(Eqs. 2.13, 2.31, 2.32, 2.33, 2.34). The !2 coefficient results in a phase shift
of the respective torsional and rocking power spectral densities compared to the
translational ones. That is, the torsional and rocking accelerations are direct function
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Fig. 2.7 Plot of modulus of coefficient WZ (normalized with respect to shear wave velocity) shown
as a function of two, independent incidence angles ‚P and ‚S

of third time derivative of displacements. Both torsional and rocking ground motions
are inversely proportional to shear wave velocity at the site, which means that they
will be more pronounced for compliant sites than for the hard ones.

When P and S waves propagate vertically, they neither produce surface torsion
nor rocking. The torsional component increases with increasing angle of incidence
of shear waves. When it comes to rocking component, it increases as the angles
of incidence of both waves uniformly increase, but it is the vertical ground motion
component which dominates in the resulting ground rocking.

It should be noted here that the actual torsion and rocking ground motions will
depend not only on the body wave reflections but also on the surface, Love, and
Rayleigh wave contributions. The problem of the presence of surface waves at
a particular site during an earthquake is not a unique one. The final answer to
the question of torsional and rocking strong ground motion will be solved, when
sufficient number of strong rotational signals are measured and analyzed which
requires further developments in seismic instrumentation.
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Chapter 3
Impact of Seismic Rotational Components
on Symmetric Structures

Chao He and Qifeng Luo

Abstract This chapter focuses on studying the impact of the rotational components
of seismic excitation on different styles of buildings. The rotational components are
synthesized from the translational components of the 2008 Wenchuan earthquake
recorded at Mianzhu station. The analysis results show that the rotational com-
ponents cause much larger torque in a symmetric structure than the translational
components. The total seismic responses are comprised of the responses caused
by the rotational components and the responses caused by the translational com-
ponents. For a 30-m-tall symmetric building, the rotational components contribute
about 10% of the total seismic responses. For a high-rise building, the rotational
components can cause about 50% of the total responses, but for 160-m-high
structure, when the rotational components are added, the responses increase by
a much smaller level than that caused by the rotational components alone; for
443-m-high building, the responses caused by the translational components and
by the rotational components can be directly added together. It implies that the
rotational components effect on the structure may be closely related to the structure
height. This chapter uses Eurocode8 and ANSYS method to analyze the model, and
the results show that Eurocode8 might overrate the seismic rotational loads in some
cases.
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3.1 Introduction

It has been a long time since the structural seismic torsional damage was observed.
Some methodologies have been provided to analyze the seismic rotational phe-
nomenon. However, the knowledge on the seismic rotational components and their
effects on structures are still very limited for lack of measuring methods. Europe
codes provided an empirical formula to calculate the rotational components of
seismic excitation based on the velocity of shear wave. Considering that the shear
wave is not the only factor for the rotational components, the existing formula is not
adequate in estimating the rotational components and the level of uncertainty may
be higher than desirable.

In recent years, we were shocked at the earthquake disasters. It is critical for us
to understand earthquake comprehensively. It has been lately realized from seismic
damage and numerical simulations that seismic rotational components coursed some
structures damage. Unfortunately, the existing rotational components records are
very limited. The study of seismic rotational phenomena has become a hot topic.
References (Teisseyre et al. 2006, 2008; Lee et al. 2009; Yang et al. 2010; He
et al. 2011) illustrate the early studies in this topic, methodologies development, and
the achievements in detail. One estimation method of rotational components based
on the theory of elastic plane wave propagation is developed by Newmark (1969)
and Trifunac (1982). The rotational seismic motions are estimated from main-
shock translational acceleration records of the 2008 Wenchuan earthquake with this
method by Che and Luo (2010). On the other hand, in most of structure design, the
rotational components are almost not considered. This chapter focuses on studying
the impact of the rotational components of seismic excitation on different symmetric
tall structures.

3.2 Estimation of the Rotational Components

3.2.1 Estimation Method for Rotational Components

Based on the elastic wave method (Trifunac 1982; Li et al. 1997), certain relation-
ship exists between seismic translational components and rotational components.
Figure 3.1 shows the schematic plastic deformation of soil under the seismic
loading.

The angle that the soil element rotates around the axis Z:

'Z D 1

2
.�1 � �2/ D 1

2

�
@uy
@x

� @uZ
@y

�

: (3.1)

Over the last 30 years, scientists have been improving the relationship formula
with elastic wave method. A relatively reliable formula can be expressed as
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where ! is circular frequency; C is wave velocity;
::
'1,

::
'2,

::
'3 are rotational

components time histories on the orthogonal axes; � is principal axis angle; and
C is expressed as (Sun and Chen 1998; Hong 2010)

C D �T

sin ˛
: (3.3)

Taking the frequency dispersion effect of incidence angle into account, the
incidence angle of body wave in Sichuan area ˛D 28.4225o (Hong 2010). Based
on 291 Wenchuan earthquake records from 97 stations in Sichuan province, China,
�T can be written as (Hong 2010)

( NvT .fi / D 3:2711C 0:6952log10f � 0:0908.log10f /
2

vT .fi / D NvT .fi /.1C 0:2&/
: (3.4)

From Eqs. 3.3 and 3.4, C can be written as (Hong 2010)

C D
�

3:2711C 0:6952log10f � 0:0908.log10f /
2
	

.1C 0:2&/

sin.28:2445ı/

D .6:912C 1:469log10f � 0:192.log10f /
2/.1C 0:2&/: (3.5)
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Fig. 3.2 Six components at Mianzhu station

From Eqs. 3.2 and 3.5, it is easy to calculate the rotational components from the
translational components.

3.2.2 Synthesized Rotational Components

With the method illustrated above, we calculated three rotational components for
the 2008 Wenchuan earthquake recorded at Mianzhu and Baoxing seismic stations.
The recorded three translational components and synthesized three rotational
components are shown in Figs. 3.2 and 3.3.

In the near field of Wenchuan earthquake, what we actually recorded was just
the acceleration. Because the rotational components are based on the generation of
transient or permanent displacement, the rotational acceleration based on the elastic
wave theory is not accurate (Graizer 2010). However, Wang and Hu (1991) indicated
that the precision of the method is acceptable from engineering opinion. We can use
the estimated data with this method to study structural response, the sensitivity of
structure styles to rotational components, and correlate the calculation results with
the applicable seismic design codes.

3.3 Contribution of Rotational Motions
to Structural Response

The seismic translational components acting on the bottom of the structure are in
the form of translational acceleration, while the rotational components are in the
form of angle acceleration. The torsional destruction of structure might attribute
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Fig. 3.3 Synthesized rotational components at Baoxing station

to rotational components. The structural designers concern most is how much the
rotations contribute to the total excitation of the structures, then the symmetric
structures are chosen to analyze.

In this chapter, a comprehensive FEM model is built, in which the damping is in
the form of the Rayleigh damping shown as below:

ŒC� D ˛ŒM �C ˇŒK�;

˛ D 2



.&i=!i /� .&j =!j /
�

�

.1=!2i / � .1=!2j /
	 ;

ˇ D 2



&j!j � &i!i
�

.!2j � !2i /
; (3.6)

where [M] and [K] are the mass matrix and stiffness matrix and &i and !i are the
damping ratio and natural frequency of the ith mode.
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Fig. 3.4 Three different
height structures

Intuitively, the rotational components, especially the rocking components, will
have a great contribution to the excitation of high-rise building. Three structures
shown in Fig. 3.4 (443-m-tall Jin Mao Tower in Shanghai, 160-m-tall rein-
forced concrete frame-shear wall structure, and 30-m-tall obelisk) are modeled
to analyze the responses when they are subjected to the same input seismic
motions.

3.3.1 Response of 443-m-Tall Jin Mao Tower

Figure 3.5 shows the horizontal displacement, the ratios of displacement caused
by rotational components to the total displacement, and the ratios of displacement
caused by translational components to the total displacement. The total displace-
ment is defined as the displacement caused by both rotational and translational
components.

From Fig. 3.5a, the displacement caused by the three rotational components is
in better agreement with that caused by the three translational components. It is
obvious that both of them are larger than half of the displacement caused by the six
components.

Figure 3.6 shows the different rocking angles along the height direction and the
ratios of rocking angles caused by two kinds of seismic loads to total rocking angle.
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Fig. 3.5 (a) Translational displacements caused by translational and rotational components and
(b) their contribution to the total structural translational displacement

The rocking angle caused by rotational components is larger than that caused by
translational components. The ratio of rotational components is larger than 0.5,
while the ratio of translational components is smaller than 0.5.
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Fig. 3.6 (a) Rocking caused by rotational and translational components and (b) their contribution
to the total structural rocking

In terms of the torsion of the structure, the translational components contribute
about 10% and the rotational components contribute 90% to the total response
(Fig. 3.7a, b). In other words, the torsion damage of the structure is mainly caused by
the rotational components. However, for structures like Jin Mao Tower, the seismic
rotational components are negligible.
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Fig. 3.7 (a) Structure torsion caused by translational and rotational components and (b) their
contribution to the total torsion

3.3.2 Response of 160-m-Height Reinforced Concrete
Frame-Shear Wall Structure

We also figure out the translational displacement, rock, and torsion of the 160-m-
height reinforced concrete frame-shear wall structure, shown in Figs. 3.8, 3.9,
and 3.10.
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Fig. 3.8 Translational displacements caused by translational and rotational components

Fig. 3.9 Rocking caused by rotational and translational components
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Fig. 3.10 Structure torsion caused by translational and rotational components

From Fig. 3.8, we can see that the displacement caused by rotational components
only is more than half of the total displacement (translational and rotational).
It needs to be noted that the total displacement is just a little larger than the
displacement caused by the translational components only.

The change of structural rock is similar with its translational displacement; the
rock caused by the rotational components is more than half of the total rock, while
the total rock is just a little larger than that caused by the translational components.

Similar to the torsion of the Jin Mao Tower, most of the torsion phenomena are
caused by the rotational components.

3.3.3 Response of 30-m-Height Monument

Because structural rocking is similar with the translational displacement, and the
structural torsion is mostly caused by the rotational components, for the 30-m-
height monument, we only calculate the translational displacement which is shown
in Fig. 3.11. We can see from the figure that the input rotational components do not
increase structural translational displacement response; the contrary, it makes the
translational displacement smaller.

For the 30-m-tall symmetric structure, the response caused by the rotational
components only is about 10% of the total responses (translational plus rotational).
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If we load the rotational components to the structure which has already been loaded
with the translational components, the response of the structure will be reduced.
For the high-rise building, the response caused by the rotational components is
about 50% of the total responses (translational plus rotational). But when we load
the rotational components to 160-m-high structure, the magnified effect is much
smaller than the response caused by the rotational components only; for 443-m-high
structure, the responses caused by the translational components and the rotational
components can be directly added.

3.4 Comparison of Two Kinds of Analyzed Results
with Different Method

3.4.1 Analyzed Result with Eurocode8 Method

Taking one reinforced concrete chimney as an example, Zembaty and Boffi calcu-
lated how much the rotational components account for in the whole seismic load
according to the Eurocode8 (Zembaty and Boffi 1994). The simplified chimney
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Fig. 3.12 Reinforced concrete chimney model and the bending moment (Zembaty and Boffi 1994)

model and the calculated results are shown in Fig. 3.12, in which we can see
the inner and outer diameters of the chimney. Two different bending moments are
caused by rotational components and by total seismic load.

From Fig. 3.12, we can see that the rotational components cause about half
of the bending moment which caused by all of the ground motions. According
to Eurocode8, the total structural seismic response equals the sums of responses
caused by rotational components and translational components. We can deduce
that the other half of structural response is caused by translational components.
Moreover, the two kinds of seismic components almost play the same role in
damaging structure, which makes the rotational component a serious concern.

3.4.2 Analyzed Result with Theoretical Method
(ANSYS Software)

We use the same chimney (dimensions, material, etc.) as an example. The model
is shown in Fig. 3.13. Loading seismic motions from Mianzhu seismic station in
Wenchuan earthquake, we calculate the maximum structural translational displace-
ment with ANSYS software, and the results are shown in Fig. 3.14. From the
figure we can see the amount of rotational components account for in the total
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Fig. 3.13 Reinforced concrete chimney model

seismic load; also we can see the magnified displacement when we add the rotational
components to the chimney which has been loaded with translational components.
The difference between two seismic loadings can be analyzed.

3.4.3 Comparison of Two Kinds of Analyzed Results

Taking the structural translational results as baseline, Eurocode8 suggests that the
rotational components are as important as the translational components, while the
theoretical result indicates that the contribution of rotational components is much
smaller than that of translational components. Eurocode8 could be too conservative
in estimating the rotational components load.

Additionally, there is no evidence that the total earthquake effect can be equiva-
lent to the sum of translational effect and rotational effect even for smaller rotational
components response and larger translational components response. Except for the
Jin Mao Tower, for other structures in this chapter, the increased response caused
by adding rotational components to the structure, which has loaded translational
components, is much smaller than that caused just by rotational components.
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3.5 Conclusions

The research in this chapter shows that the symmetric structure torsion caused
by the rotational components is much larger than that caused by the translational
components, and it is the rotational components that caused the symmetric structure
damage. For the symmetric structures, the torsion caused by the translational
components can be ignored.

For 30-m-tall symmetric structures, the responses caused by the rotational
components are about 10% of the total responses (translational plus rotational
components); the total response will be reduced when we add rotational components
to the structures which have been loaded with translational components. For the
high-rise building, the responses caused by the rotational components are about
50% of the total responses, but for 160-m-tall structure, when added the rotational
components, the increased responses are much smaller than that just caused by the
rotational components; for 443-m-tall structure, the total response is the sum of the
responses caused by the translational components and the rotational components
separately. The research implies that the rotational components effect on the
structure is structure height dependent.

The calculation example indicates that European8 could be conservative in
estimating the seismic rotational loads. Optimization could be made by taking the
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structural height into consideration. Additionally, the European8 did not consider
the coupling of translational components and rotational components, which may
overrated the effect of rotational components in some cases.

The rotational components and their effects on structure are more complicated;
continual study on their characteristics and structural response is required. More
experimental data are needed to solidify the conclusion of this study.
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Chapter 4
The Effect of Common Irregularities
on the Seismic Performance of Existing RC
Framed Buildings

Angelo D’Ambrisi, Mario De Stefano, Marco Tanganelli, and Stefania Viti

Abstract This chapter deals with the seismic performance of irregular 3D RC
existing framed structures subjected to seismic actions. More specifically, the
effect of the noncoincidence between the mass and the stiffness centers on the
seismic response of these structures is investigated. The analysis is performed on
a 4-story 3D framed sample structure designed for vertical loads only. A very
detailed nonlinear model of the structure is implemented under the computer code
SeismoStruct. The seismic response of the structure is analyzed performing a
nonlinear incremental dynamic analysis. The obtained response domain is compared
with the limit values provided by FEMA 356 for the different limit states. The
effect of the introduced irregularities on the seismic performance of the structure
is not negligible despite the low value of the eccentricity. The performed analysis
evidences that a particular attention has to be paid to the seismic behavior of RC
buildings realized in the 1960s and 1970s, before the adoption of seismic codes,
since even light irregularities can consistently affect their seismic performance.

4.1 Introduction

A significant part of the Italian building heritage is constituted by reinforced con-
crete buildings designed according to inadequate rules and realized with concrete
having poor mechanical properties during the intense constructive activity experi-
enced by the country in the in the 1960s and 1970s, before the adoption in 1971 of
the first code regarding reinforced concrete buildings (Legge 5/11/1971 n 1086) and
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Fig. 4.1 Plan and 3D view of the considered sample structure

in 1974 of the first seismic code (Legge 2/2/1974 n. 64 1974). The evaluation of the
seismic performance level of these buildings is therefore very important.

The present work deals with the evaluation of the safety of the RC buildings
constructed in the 1960s and 1970s and tries to quantify the reduction in their
seismic performance due to some of the typical loss of regularity.

One of the most common problems affecting such buildings is the noncoin-
cidence between the mass and the stiffness centers and the consequent torsional
effects. Usually the torsion is not considered in the design; it can be related to an
asymmetry of the plan, to an irregular distribution of internal walls or balconies,
or to a different use of a portion of the building. The torsional effects induced
by these irregularity factors can be amplified by a nonhomogeneous distribution of
the mechanical properties of the concrete very frequent in these kind of structures,
poorly controlled during their construction phase.

The effect of all these irregularities on the seismic performance of existing RC
framed buildings is evaluated herein with reference to a 4-story 3D framed sample
structure designed for vertical loads only. The structure represents a typical existing
RC building realized in Italy in the 1960s, before the introduction of seismic codes.
The performed study focuses on the effect of the noncoincidence between the mass
and the stiffness centers. The concrete mechanical properties and their variability
are calibrated on the results of an extensive survey performed by the authors on a
large sample of RC framed buildings realized before the adoption of seismic codes.

4.2 Sample Structure

The sample structure is a 4-story 3D reinforced concrete frame with two bays of
4.5 m in the y direction and 5 bays in the x direction, four of 3.2 m and one of 2.4 m,
as shown in Fig. 4.1. The building is symmetric along the x and the y direction
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Table 4.1 Mechanical
properties of material

Materials Class Strength Model

Concrete C25/30 25/30 MPa Mander
Steel FeB38k 380 MPa Bilinear

Table 4.2 Beam and column
cross sections and
reinforcement

Elements B (cm) H (cm) Reinforcement

Beams – x 50 24 3ˆ16 – 3ˆ16
Beams – x 70 24 4ˆ16 – 4ˆ16
Beams – y 30 50 2ˆ16 – 2ˆ16
Beams – y 30 24 2ˆ16 – 2ˆ16
Columns 30 30 2ˆ16 – 2ˆ16

Table 4.3 Periods and modal
masses of the sample
structure

Period Time (s)
% Participant
mass (dir x)

% Participant
mass (dir y)

1 0.927 0.0 88.1
2 0.891 83.4 0.0
3 0.806 4.7 0.0
4 0.303 0.0 8.9
5 0.289 8.8 0.0

and regular along its height. A C20/25 concrete and a FeB38k steel are assumed
as materials, since they have mechanical characteristics (Table 4.1) compatible with
those of the materials used in the 1960s.

The building is designed for vertical loads only, ignoring seismic loads. Vertical
loads consist in dead loads and in live loads equal to 2 KN/m2. The beam and column
dimensions and reinforcement are summarized in Table 4.2.

The sample structure has been modeled with a fiber model using the computer
code SeismoStruct (http://seismosoft.com) (Seismostruct v5.2.1 released 2011). The
constitutive models used for the materials are that of Mander et al. (Mander et al.
1988) for the confined concrete, the three-linear model for the unconfined concrete,
and the bilinear model for the reinforcing steel. Each structural element is modeled
using four subelements, two external and two internal; the external subelements
have a length equal to 1/15 of the total span. The contribution of the floors is
computed introducing a rigid diaphragm at each floor bay. A preliminary modal
analysis is performed to calculate the periods and the participation mass of the
sample structure (Table 4.3).

4.3 Considered Irregularities

Some of the most common irregularities have been introduced in the sample
structure to evaluate how much a not-computed torsional behavior can affect the
seismic response of the building. The irregularities considered in the analysis are an
asymmetric plan, an irregular distribution of balconies, a change of destination, and

http://seismosoft.com
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Table 4.4 Values
characterizing the assumed
domain of fc

Nominal value, fck 25.00 MPa
Mean value, fcm 24.40 MPa
Reduced mean value, f 0

cm 17.25 MPa
5% percentile value, fck,05 8.35 MPa

Table 4.5 Eccentricity of the
“irregular” structure at each
story

Level Eccentricity (%)

0 1.90
1 4.90
2 5.09
3 5.09
4 0.31

a nonhomogeneity of the concrete mechanical characteristics. To obtain a building
with an asymmetric plan, a further span having the same length of the others has
been introduced along the x direction. An irregular distribution of balconies is
obtained introducing a balcony on the right-hand side of the building. The changes
of destination in old buildings are quite common. In the present case, it is assumed
that part of the first story is changed from a residential destination to an office
destination, with a consequent variation in the live loads.

In structures built in the 1960s, concrete can present mechanical properties
significantly lower than the design properties due to the viscous phenomena, the
degradation, but mainly to the low-quality level of the constructions realized in those
years (Cristofaro 2009; D’Ambrisi et al. 2010). As a result, it is common to observe
a strong nonhomogeneity in the distribution of concrete strength in the different
parts of a building, with coefficients of variation up to 50% (Cristofaro 2009) and,
consequently, an irregular distribution of the stiffness, different from that assumed
in the analysis.

In the present work, a coefficient of variation of 40% has been assumed for
the strength domain of concrete, while its mean value has been evaluated as the
difference between the mean value and the standard deviation (Manfredi et al.
2007; American Society of Civil Engineering 2000). The nominal characteristic
value of strength (fck), the average value including viscous effects (fcm), the reduced
value proposed by Manfredi et al. (f 0

cm) (Manfredi et al. 2007), and the value
corresponding to a 5% percentile of the distribution having f 0

cm as mean value are
reported in Table 4.4.

The effect of the irregularity in the distribution of the mechanical properties of
concrete has been evaluated in a simplified way assuming that in the lower story
the three columns belonging to the right column line have a strength equal to fck, 05,
while all the other columns have a strength equal to f 0

cm.
All the above-described irregularities have been introduced in the sample

building to obtain an irregular building whose seismic response can be compared
with that of the sample structure. The eccentricities of each story of the irregular
structure are summarized in Table 4.5.
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4.4 Seismic Response

4.4.1 Incremental Dynamic Analysis

An incremental dynamic analysis has been performed on both the regular and
the irregular structure with the computer code SeismoStruct (2011) considering as
response parameters the top story displacement (TD) and the interstory drift (ID).
The analysis has been performed considering a set of ground motions scaled to
represent different seismic intensities, equal to 0.10, 0.15, 0.20, 0.25, 0.30, 0.35, and
0.40 g, respectively. For each value of PGA, the response of the structures has been
defined elaborating the response domains from the assumed ensemble of ground
motions.

4.4.2 The Seismic Input

The considered seismic input is constituted by an ensemble of seven ground motions
extracted by a database of strong motions recorded in Italy (Itaca 2008) considering
a PGA equal to 0.25 g, a nominal life of the structure of 50 years, and a magnitude
ranging between 5.5 and 6.5. The data relative to the utilized ground motions are
reported in Table 4.6. The selected ground motions have an average spectrum that
approaches very well the one provided by Eurocode 8 (2005) for a soil of type B, as
it is evident from Fig. 4.2.

4.4.3 Assumed Limit States

The maximum ID obtained for both the regular and the irregular sample structure
has been compared with the standard values provided by FEMA 356 (American
Society of Civil Engineering 2000) for the limit states immediate occupancy (IO),
life safety (LS), and collapse prevention (CP) reported in Table 4.7.

Table 4.6 Ground motions data

Name Location Date (gg/mm/yyyy) PGA (g) Magnitude (L-S-W) Duration (s)

Irpinia Sturno 23/11/1980 0.225 6.5 – 6.8 – 6.9 70.75
Irpinia Calitri 23/11/1980 0.174 6.5 – 6.8 – 6.9 85.99
L’Aquila Colle Grilli 06/04/2009 0.446 5.8 –� � � – 6.3 100.00
L’Aquila Aquil Park Ing 06/04/2009 0.353 5.8 –� � � – 6.3 100.00
L’Aquila Aquil Park Ing 06/04/2009 0.330 5.8 –� � � – 6.3 100.00
L’Aquila Centro Valle 06/04/2009 0.545 5.8 –� � � – 6.3 100.00
L’Aquila Centro Valle 06/04/2009 0.657 5.8 –� � � – 6.3 100.00
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Fig. 4.2 Elastic response spectra of the considered ground motions

Table 4.7 Considered limit
states

Limit states Drifts (%)

Immediate occupancy 1
Life safety 2
Collapse prevention 4

4.5 Obtained Results

Figure 4.3 shows the results in terms of top story displacements (TD) obtained
from the performed analyses for both the regular and the irregular structure. Each
response domain refers to the values of the maximum TD obtained from the dynamic
analysis in each column line, perpendicularly to the considered seismic excitation.
Indeed, due to the introduced eccentricities, the response of the irregular structure
varies along the longitudinal axis of the building.

As it can be observed from Fig. 4.3, the TD of the irregular structure at the
column line 2, that is, the flexible side of the structure, is consistently larger than
the corresponding value of the regular structure.

To better evidence the difference in the seismic response of the two considered
structures, the values of the TD at each column line have been normalized with
respect to the TD of the center of mass of the building. The obtained normalized
displacements are shown in Fig. 4.4. As it can be observed from the figure, both at
the stiff and at the flexible side of the structure, there is a difference of about 10%
in the TD as a consequence of the introduced irregularities.

The increase in the TD due to the considered eccentricity is larger for low and
medium values of PGA, for which the structure evidences an elastic response. With
the increase of the PGA, indeed, the inelastic involvement of the structure increases
and the sensitivity of its response to the torsional effects in terms of TD decreases
(De Stefano and Pintucchi 2010).

The maximum values of the interstory drift obtained at each story are compared
with the limit values provided by FEMA (Fig. 4.5) (American Society of Civil
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Table 4.8 Statistical indexes of the response domains in terms of interstory drifts

Regular structure Irregular structure

Mean (%)
Standard
deviation (%) Cov (%) Mean (%)

Standard
deviation (%) Cov (%)

PGA D 0.10 g 0.44 0.08 17.94 0.49 0.10 21.28
PGA D 0.15 g 0.66 0.14 20.8 0.89 0.24 26.9
PGA D 0.20 g 1.01 0.26 25.73 1.36 0.42 31.29
PGA D 0.25 g 1.47 0.44 29.7 1.80 0.63 35.2
PGA D 0.30 g 1.89 0.60 31.99 2.13 0.82 38.70
PGA D 0.35 g 2.21 0.75 33.7 2.60 0.98 37.7
PGA D 0.40 g 2.62 0.89 34.04 3.12 1.11 35.64

Table 4.9 Exceedance probability of the considered limit states

Regular structure Irregular structure

IO (%) LS (%) CP (%) IO (%) LS (%) CP (%)

PGA D 0.10 g 0.0 0.0 0.0 0.0 0.0 0.0
PGA D 0.15 g 0.8 0.0 0.0 32.3 0.0 0.0
PGA D 0.20 g 51.5 0.0 0.0 80.4 6.4 0.0
PGA D 0.25 g 85.7 11.4 0.0 89.8 37.5 0.0
PGA D 0.30 g 93.1 42.7 0.0 91.6 56.3 1.1
PGA D 0.35 g 94.7 61.0 0.9 94.9 73.0 7.7
PGA D 0.40 g 96.6 75.7 6.1 97.2 84.4 21.4

Engineering 2000). The influence of the introduced irregularity on the seismic
response of the considered structure can be observed also in terms of ID. The
distribution of the ID is similar for the two structures; in both cases, the maximum
ID occurs at the first story, which evidences an exceedance of the LS limit state.
The difference between the two obtained response domains, in terms of ID, is
evaluated comparing the exceedance probability of the considered limit states of the
two structures. The exceedance probability of the limit values has been determined
assuming a normal distribution for the two response domains; the two distributions
are characterized by the statistical parameters reported in Table 4.8. It can be
observed that the irregular structure has larger mean values but also a greater
coefficient of variation, with a consequent larger probability to exceed the limit
values. The exceedance probabilities of the considered limit states obtained for the
two structures for the different PGA are reported in Table 4.9. As it can be noticed
from the table, the probability to exceed the collapse prevention limit state is almost
the same for the two structures in the considered range of PGA. As regards the other
limit states, instead, the probability to exceed the limit values increases due to the
eccentricity. The maximum increase in the exceedance probability of the immediate
occupancy limit state occurs for a PGA D 0.15 g (exceedance probability from 0.8
to 32%), while for the life safety limit state, it occurs for a PGA equal to 0.25 g
(exceedance probability from 11 to 37%).
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Fig. 4.6 Linearized fragility curves

The high sensitivity of the structure to the introduced eccentricity can be related
to the low quality of the concrete and, therefore, to the reduced strength and stiffness
of the structure.

In Fig. 4.6, the probabilities of the structures to exceed the considered limit
states are plotted versus the PGA. The curves represent, in a linearized form, the
fragility curves of the two structures with regard to the considered limit states.
Each point of the curves represents the probability (P) of the response parameters
(r) of the structure to exceed the limit value (lv) corresponding to the assumed
performance level under a seismic input of given intensity (PGA) (Barron Corvera
2000; Reinhorn and Barron 1999), according to the following expression:

Exceedance probability curve D p

�

r >
lv

PGA

�

(4.1)

It can be noticed that the introduced irregularities induce a significant increase of
the exceedance probability of the considered limit states. This increase depends on
the range of considered PGA. In the range of interest for the considered buildings,
that is, medium-low seismicity with a PGA ranging between 0.10 g and 0.20 g,
the fragility curves diverge for the IO limit state only. For PGA larger than 0.20 g,
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the fragility curves relative to the LS limit state show significant differences. The
fragility curves related to CP limit state start to diverge only for PGA values larger
than 0.30 g, that is, a seismic hazard not compatible with the considered areas.

The comparison between the seismic responses of the two examined structures
is reported in Fig. 4.7 both in terms of TD and ID. The curves do not have a
very regular trend due to the complexity of the nonlinear seismic response of the
structures.

Both Figs. 4.6 and 4.7 evidence a significant effect of the introduced irregularities
on the considered response parameters. As already mentioned above, such effect
decreases for high values of the PGA. The reduction of torsional effects with the
increase of the PGA is related to the inelastic involvement of the structure. In the
case of strong earthquakes, the seismic response of the structure depends on the
ductility available at local level; therefore it is important to check both the global
and the local response parameters of the performed analysis.

To check the local ductility demand of the two sample structures, the values of
the rotation at the chord, # , at each beam end have been detected. Such values
have been compared with the ultimate value of #u provided by Eurocode 8 (2005)
and other national codes (NTC 2008). The exceedance of #u is suggested by EC8
as an acceptance conditions; therefore, if such limit is exceeded even in only
one element, the structure does not satisfy the safety requirement. To check the
inelastic involvement of the structures, a damage index is introduced, measuring the
percentage of elements in which #u is exceeded. Damage index versus the PGA
curves of the regular and irregular structures is reported in Fig. 4.8. The regular
structure remains under the limit value of rotation in all cases, while in the irregular
structure, a number of elements, increasing with the increase of the PGA (PGA
larger than 0.20 g), exceed the limit. From these results, it is possible to assume
that the irregular structure for high values of PGA experiences a large inelastic
involvement, evidencing a distribution of damage that exceeds the acceptance level
defined by the EC8.
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4.6 Conclusions

In this chapter, the seismic performance of a typical RC framed structure built in
Italy in the 1960s, designed for horizontal loads only, has been studied. The effect of
common irregularities such as asymmetric plan, irregular distribution of balconies,
different live loads, and nonhomogeneous mechanical properties of the concrete
has been investigated, by introducing at each storey the equivalent eccentricity, that
resulted to be around 5%. A seismic input consistent with the seismic hazard of
the area has been considered assuming a set of seven ground motions, spectrum
compatible with the EC8 provisions.

The introduced eccentricity, despite being very low, leads to non-negligible
torsional effects. An increase larger than 10% has been found for the top story
displacement, while the increase in the first-story interstory drift ranges between
7 and 25% depending on the considered PGA.

The evaluation of the exceedance probability of the assumed limit states has
evidenced a significant sensitivity of the structure to the introduced irregularities.
As regards the life safety limit state, an increase of the exceedance probability from
11 to 37% has been found (PGA D 0.25%), while for immediate occupancy limit
state, the exceeding probability goes from 0.8 to 32% (PGA D 0.15 g).

The seismic performance level of the two structures has been studied comparing
their fragility curves for each considered limit state. The comparison has evidenced
a significant sensitivity of the seismic response to the introduced irregularities,
depending, for each limit state, on the intensity of the seismic input.

The obtained results show that common irregularities significantly affect the
seismic response of RC buildings realized with concrete having poor mechanical
properties. To obtain more general results, further analyses should be performed on
sample structures characterized by different geometrical and mechanical features.
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Chapter 5
Influence of the Variability of Concrete
Mechanical Properties on the Seismic
Response of Existing RC Framed Structures

Angelo D’Ambrisi, Mario De Stefano, Marco Tanganelli, and Stefania Viti

Abstract In Italy, many RC framed buildings have been realized in the 1960s
and the 1970s before the adoption of seismic codes. These buildings were de-
signed for vertical loads only and were realized with concrete having poor and
nonhomogeneous mechanical properties. This last condition is usually neglected
despite it significantly affects the seismic response of the structures. A sample
structure is considered to represent a typical existing RC building realized in
Italy before the introduction of seismic codes. The structure is a four-story RC
framed building designed for vertical loads only. The variability of concrete
mechanical properties is evaluated on the base of an extensive survey developed
by the authors on a large sample of RC framed buildings realized before the
adoption of seismic codes. The seismic response of the sample structure is evaluated
performing a nonlinear static analysis. The seismic demand is defined following
the EC8 prescriptions. In the analysis the concrete strength has been described
through a probabilistic domain, and a different value of strength, consistent with
the assumed domain, has been assigned to each storey of the sample structure.
Therefore, an irregular distribution of stiffness and strength is assumed along
the height of the building. The seismic response of the structure is expressed
in terms of maximum interstory drift. The increase of the interstory drift due
to the considered irregularity is analyzed following the instructions of EC8 and
FEMA 356. The obtained results show that the EC8 approach can result not
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adequate to describe an irregular distribution of the concrete strength along the
height of the building. The approach suggested by FEMA 356 provides a better
representation of the seismic behavior of the sample structure, despite being not
conservative.

5.1 Introduction

Many reinforced concrete buildings in Italy have been realized before the adoption
of seismic codes; therefore, they are designed for vertical loads only and result
not adequate with respect to seismic actions. In Italy, the first code regarding
reinforced concrete buildings was adopted in 1971 (Legge 5/11/1971 n 1086), while
the first seismic code was introduced in 1974 (Legge 2/2/1974 n. 64 1974), that
is, after the intense constructive activity experienced by the country in the 1960s.
Consequently, the Italian building heritage is constituted by a significant number
of RC buildings realized with concrete having poor mechanical properties, whose
seismic performance is well below the requirements of seismic codes.

The poor mechanical properties of concrete are worsened by the effect of the
deterioration phenomena due to the age, as the viscous phenomena, the different
sun exposure, and the maintenance of each part of the building, which can induce
not negligible differences in the structural elements belonging to a building. Such
intrinsic variability of mechanical properties of concrete is usually neglected in
the seismic analysis of existing buildings, despite having a not negligible role.
Seismic codes (EC 8-3 2005; American Society of Civil Engineering 2000) provide
instructions for the mechanical characterization of the concrete in existing buildings,
but they seem to underestimate the effect of its variability in the seismic response
(Franchin et al. 2010; Jalameh et al. 2011).

In this chapter, the influence of the variability of concrete mechanical properties
on the seismic response of RC buildings realized in Italy before the adoption of
seismic codes is studied. A variation in the concrete strength along the building
height is considered, while a constant value of the concrete strength is assumed
in all the columns of each story. The concrete strength is evaluated on the base
of a statistical study performed on a large number of experimental data on the
concrete strength of buildings realized in the 1950s, the 1960s, and the 1970s
in a central region of Italy (Cristofaro 2009). The seismic response, expressed
in terms of interstory drift, is calculated performing a spectral analysis with the
elastic spectrum provided by EC8 (2005). The results are then compared with those
obtained applying the EC8 (2005) and the FEMA 356 (American Society of Civil
Engineering 2000) provisions. This comparison evidences the important role played
by the variability of concrete mechanical properties, which is not adequately taken
into account by the considered codes (EC 8-3 2005; American Society of Civil
Engineering 2000).
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5.2 Concrete Mechanical Properties

5.2.1 Code Provisions

To simulate the seismic response of existing RC buildings, it is important to
correctly define the concrete mechanical properties. Codes (EC 8-3 2005; American
Society of Civil Engineering 2000) suggest to relate the concrete strength fc to both
in situ tests and the knowledge level of the structure.

Eurocode 8 (EC8) (2005) defines the knowledge level of the building through the
confidence factor (CF) that is utilized to correct the mean value, fcm, of the concrete
strength obtained from in situ tests. The confidence factor is introduced as a function
of the knowledge level of the material only, which is described on the base of the
number and the type of performed tests (Table 5.1). It has to be underlined that,
according to EC8 provisions, the variability of the strength distribution obtained
from in situ tests does not affect the confidence factor. Therefore, EC8 seems to
assume that the variability in concrete mechanical properties is not an intrinsic factor
of the building, but it instead depends on the lack of information. If a satisfactory
number of data is collected, numerical analyses can be performed adopting a
concrete strength equal to the mean value obtained from the sample test (CF D 1,
fc D fc, m).

FEMA 356 (American Society of Civil Engineering 2000) defines fc as a function
of the coefficient of variation (cov) of the domain obtained from the in situ tests.

Table 5.1 Knowledge levels and confidence factors according to Eurocode 8

Knowledge level KL1 KL2 KL3

Geometry From original outline construction drawings with sample visual survey or from
full survey

Details Simulated design
according to relevant
practice and limited
in situ inspection

From incomplete
original detailed
constructions
drawings with
limited in situ
inspections or from
extended in situ
inspections

From original detailed
construction
drawings with
limited in situ
inspection or from
comprehensive in
situ inspection

Materials Default value according
to standards of the
time and limited in
situ testing

From original design
specifications with
limited in situ testing
or from extended in
situ testing

From original test
reports with limited
in situ testing or
from comprehensive
in situ testing

Analysis Lateral Force Proc.
modal response
spectrum analysis

All All

CF 1.35 (Italian annex) 1.2 1.0
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Table 5.2 Design values of
fc domain (FEMA 356)

Design value of fc cov

fc D fc, m cov< 14%
fc D fc, m – st dv cov> 14%
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Fig. 5.1 Plan and 3D view of sample building

The value of fc to use in the analysis, indeed, is assumed equal to the mean value
of the sample only in the case of cov< 14%. When the cov is larger than 14%,
the knowledge level of the building is assumed to be not satisfactory, and further
in situ tests are recommended. An intrinsic variability of the concrete mechanical
properties due to the poor quality of the material is also considered. If despite the
increase of the number of sample tests the cov remains larger than 14%, a reduced
value of fc is assumed, defined as the difference between the mean value and the
standard deviation of the sample (Table 5.2).

5.2.2 Sample Structure

5.2.2.1 Geometrical and Mechanical Characteristics

The sample structure is a 4-story 3D reinforced concrete frame with two bays of
4.5 m in the y direction and five bays in the x direction, four of 3.2 m and one of
2.4 m, as shown in Fig. 5.1. The building is symmetric along the x and the y direction
(D’Ambrisi et al. 2010).

Taking into account the results of the statistical analysis performed in Sect. 5.2,
a concrete strength fc D 19.35 N/mm2 has been assumed, while a FeB38k steel is
assumed as reinforcement since it has mechanical characteristics compatible with
those of the materials utilized in the 1970s (Table 5.3). The building is designed for
vertical loads only, ignoring seismic loads. Vertical loads consist in dead loads and
in live loads equal to 2 KN/m2. The beam and column dimensions and reinforcement
are summarized in Table 5.3.
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Table 5.3 Mechanical properties of materials and beam and column cross section dimensions
and reinforcement

Element B (cm) H (cm) Reinf (top–bottom)

fc Model x beams 50 24 3ˆ16–3ˆ16
Concrete 19.35 MPa Mander et al. x beams 70 24 4ˆ16–4ˆ16

y beams 30 50 2ˆ16–2ˆ16
fy Model y beams 30 24 2ˆ16–2ˆ16

Steel 380 MPa Bilinear Columns 30 30 2ˆ16–2ˆ16
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Fig. 5.2 Assumed distribution of fc in the columns of the sample structure (cov D 30%)

5.2.2.2 Distribution of the Concrete Strength in the Columns

The performed analysis is aimed to evaluate the effects of the strength variability
along the height of the building on its seismic response. A constant value of fc has
been assumed at each story of the building to simplify the problem and to represent
a most probable situation, since the columns of each story are usually realized at
the same time and they usually present similar properties. The strength variability
of the concrete of the columns significantly affects both their resistance (structural
capacity) and the elastic stiffness of the building (seismic demand). The strength
variability of the concrete of the beams does not seem, instead, to significantly affect
the seismic response of the structure; therefore, a constant concrete strength value
equal to the mean value has been assumed for the beams.

The variability of fc has been simulated by three values only, the minimum (min),
the mean (mean), and the maximum (max) value, respectively, obtained combining
the mean value and the standard deviation of the assumed distribution, as can be
noticed in Fig. 5.2. The mean value has been assigned to all columns of two stories,
while the minimum and the maximum values have been assigned to the columns of
one story only. In this way the cov evaluated on all the columns is equal to 32%,
very close to the cov assumed for the concrete strength.

The assumed values of fc together with their distribution are shown in Fig. 5.2.
The distribution of the assumed values of fc along the building height in the 12 cases
which constitute the considered sample is reported in Fig. 5.3.
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Fig. 5.3 Distribution of the column strength in elevation

5.2.3 Analytical Model

The sample structure has been modeled with a fiber model using the computer
code SeismoStruct (2011). The constitutive models used for the materials are that
of Mander et al. (1988) for the confined concrete, the three-linear model for the
unconfined concrete, and the bilinear model for the reinforcing steel. Each structural
element is modeled using four subelements, two external and two internal ones; the
external subelements have a length equal to 1/15 of the total span. The contribution
of the floors is computed introducing a rigid diaphragm at each floor bay.

5.3 Seismic Input

As seismic input it has been assumed the elastic spectrum provided by Eurocode
8 (type 1) for the soil type B. Different seismic intensities compatible with
the seismic hazard of the area have been considered, corresponding to PGA
values ranging between 0.15 and 0.30 g, with a step of 0.05 g. The assumed
seismic spectra expressed as a function of T and of the spectral displacement are
shown in Fig. 5.4.

5.4 Seismic Analysis

The seismic response of the structure is evaluated performing a spectral analysis.
Both the structural capacity and the seismic demand are represented in the spectral
coordinates with reference to a SDOF system. A bilinear diagram is assumed
to represent the structural capacity of the system according to the N2 approach
(Fajfar 1999).

In this section the results of the seismic analysis of the sample structure are
compared with those obtained following the EC8 (2005) and the FEMA 356
provisions (American Society of Civil Engineering 2000).
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Fig. 5.4 Elastic spectra obtained by the EC8 provisions
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Fig. 5.5 Capacity curves for the considered cases

5.4.1 Response Domain of the Sample Structure

The seismic response of the building in both the considered cases is determined
intersecting the capacity curve with the spectral demand. The capacity curves are
defined assuming a horizontal force pattern proportional to the first vibration mode.
The ultimate point of each curve corresponds to a value of the shear equal to the
85% of its maximum value. Each curve is linearized equalizing the areas delimited
by the intersection of the two diagrams, to represent the capacity of the equivalent
SDOF system. The capacity curves obtained for the considered cases (C1–C12) are
shown in Fig. 5.5.

The elastic response of both models is determined intersecting the elastic branch
of the capacity curve with the elastic spectral demand. The intersection point leads
to the determination of the ductility factor of each case and, therefore, to the target
displacement. The obtained top story displacement (TD) is shown in Table 5.4.
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Table 5.4 Top story displacements (mm) obtained for the considered cases

PGA C1 C2 C3 C4 C5 C6 C7 C8 C9 C10 C11 C12

0.15 g 63 61 62 61 61 59 60 59 59 60 61 59

0.20 g 83 82 82 82 82 79 80 78 79 80 81 79

0.25 g 103 102 103 102 102 98 100 98 99 100 102 99

0.30 g 124 123 124 123 122 118 120 117 119 120 122 118

Table 5.5 Values of the statistical parameters of the ID population for the considered PGA
values

Mean (%) Standard deviation (%) cov (%)

0.15 g 0.20 g 0.25 g 0.30 g 0.15 g 0.20 g 0.25 g 0.30 g 0.15 g 0.20 g 0.25 g 0.30 g

1 0.56 0.79 1.09 1.49 0.078 0.120 0.205 0.320 13.9 15.3 18.8 21.5
2 0.63 0.84 1.03 1.19 0.045 0.072 0.118 0.195 7.2 8.6 11.4 16.5
3 0.47 0.60 0.70 0.74 0.029 0.048 0.081 0.114 6.2 7.9 11.6 15.3
4 0.29 0.36 0.41 0.42 0.014 0.022 0.034 0.047 4.8 6.0 8.5 11.0

Fig. 5.6 Comparison between the ID calculated as mean and maximum value for each considered
PGA

The distribution of ID along the building height is determined on the base of the
first modal shape corresponding to the proper load step.

The values of the statistical parameters of the ID population for the considered
PGA values are reported in Table 5.5. It can be noticed that the maximum value of
ID is achieved at the first story; at this story the cov is in all cases over the 10%,
reaching the 20% for the higher PGA.

The ID calculated as the mean value and the maximum value of each response
distribution is shown in Fig. 5.6. As it can be seen in Fig. 5.6, due to the variability
in the response distribution, the ID at the first story calculated as the maximum
value is much larger than that calculated as the mean value for a PGA D 0.30 g.
The increase in the ID due to the introduced variability, measured comparing the
distribution relative to the maximum value with that relative to the mean value, is
shown in Fig. 5.7.
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Fig. 5.8 Capacity curves of the sample structure with the fc values provided by the EC8

5.4.2 Comparison Between the EC8 Provisions
and the Obtained Response Domain

The seismic response of the sample structure is simulated according to the EC8
provisions for existing RC buildings. The variability of fc is neglected, and its mean
value is reduced through the confidence factor (CF). The capacity curves obtained
with the three considered values of CF are shown in Fig. 5.8, while in the ID values
obtained with the first modal shape are reported in Table 5.6.

In Fig. 5.9, the results obtained using the three reduced values of fc are compared
with those obtained using for fc the mean and maximum values of the considered
response distribution. While the results obtained using for fc the mean value of the
response domain do not differ from those obtained following the EC8 provisions, the
ID obtained using the maximum value is much larger than those obtained following
the EC8 previsions, particularly at the first story.
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Table 5.6 Interstorey drifts (ID) obtained following the EC8 provisions

CF D 1.00 CF D 1.20 CF D 1.35

0.15 g 0.20 g 0.25 g 0.30 g 0.15 g 0.20 g 0.25 g 0.30 g 0.15 g 0.20 g 0.25 g 0.30 g

1 0.53 0.76 1.05 1.42 0.56 0.79 1.10 1.42 0.58 0.82 1.12 1.55
2 0.62 0.83 1.02 1.18 0.63 0.84 1.04 1.20 0.64 0.85 1.05 1.22
3 0.47 0.60 0.70 0.75 0.47 0.60 0.68 0.73 0.47 0.59 0.68 0.73
4 0.29 0.37 0.41 0.42 0.29 0.36 0.40 0.42 0.29 0.35 0.39 0.41

PGA = 0.15g (analysis) PGA = 0.15g (CF=1.00) PGA = 0.15g (CF=1.20) PGA = 0.15g (CF=1.35)

PGA = 0.20g (analysis) PGA=0.20g (CF=1.00) PGA=0.20g (CF=1.20) PGA = 0.20g (CF=1.35)

PGA = 0.25g (analysis) PGA = 0.25g (CF=1.00) PGA = 0.25g (CF=1.20) PGA = 0.25g (CF=1.35)

PGA = 0.30g (analysis) PGA=0.30g (CF=1.00) PGA=0.30g (CF=1.20) PGA = 0.30g (CF=1.35)

mean values
of distribution 

maximum values
of distribution

Fig. 5.9 Comparison between the ID calculated with the considered distribution of fc and those
calculated following the EC8 provisions

The percentage increase of the ID at the first story calculated as the maximum
value of the response distribution with respect to those obtained with the three
reduced values of fc is shown in Fig. 5.10. Depending on the assumed value of
CF, the increase in the ID, even for low PGA values, varies between the 20%
(CF D 1.35) and the 30% (CF D 1.00). It has to be reminded that the value to select
for CF does not depend on the variability of fc.

5.4.3 Comparison Between the FEMA Provisions
and the Obtained Response Domain

According to the FEMA 356 provisions, when the cov> 14%, the number of tests
on the concrete strength has to be increased until a cov< 14 % is achieved, to
use in the analysis the mean value of the obtained test results. If the cov> 14 %,
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Fig. 5.11 Capacity curves of the sample structure obtained using the fc values provided by FEMA
356

the value to assign to fc is equal to the difference between the mean value and
the standard deviation of the assumed distribution. To verify the suitability of the
FEMA 356 provisions, two different analyses are performed. The first analysis
refers to the assumed fc distribution (cov D 30%), whose results are compared with
those obtained using a reduced value of fc according to the FEMA provisions.
The second analysis compares the results obtained from a distribution having a
cov D 14% and those obtained using the mean value of fc. This last analysis is
aimed to evaluate the amount of effects of variability that the FEMA 356 approach
considers to be negligible.

The capacity curves of the sample structure obtained following the FEMA 356
provisions are reported in Fig. 5.11, while the corresponding ID for each story and
each PGA value is summarized in Table 5.7.
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Table 5.7 Interstory drifts obtained using the fc values provided by FEMA 356

Mean Mean – standard deviation

St 0.15 g 0.20 g 0.25 g 0.30 g 0.15 g 0.20 g 0.25 g 0.30 g

1 0.53 0.76 1.05 1.42 0.59 0.84 1.14 1.53
2 0.62 0.83 1.02 1.18 0.64 0.87 1.08 1.23
3 0.47 0.60 0.70 0.75 0.47 0.60 0.68 0.73
4 0.29 0.37 0.41 0.42 0.29 0.35 0.39 0.41

PGA = 0.15g (analysis)

PGA = 0.20g (analysis)

PGA = 0.25g (analysis)

PGA = 0.30g (analysis)

PGA = 0.15g (FEMA 356)

PGA = 0.20g (FEMA 356)

PGA = 0.25g (FEMA 356)

PGA = 0.30g (FEMA 356)

Fig. 5.12 Comparison between the ID calculated assuming a strength distribution with a
cov D 30% and those calculated following the FEMA 356 provisions

The comparison between the ID obtained considering the mean and the max-
imum value of the assumed strength distribution and those obtained using the
reduced value of fc provided by FEMA 356 is shown in Fig. 5.12. Also in this
case, as in the case of EC8, the code provisions lead to an underestimation of the
maximum ID; however, the FEMA 356 provisions result more conservative than
those provided by EC8.

To evaluate the suitability of the FEMA 356 provisions for a cov< 14%, a
distribution similar to the one already utilized in the above performed analyses but
having a cov D 14% is considered. The same assumptions regarding the distribution
of the strength along the height of the building are kept. The values of the statistical
parameters of the ID distribution at each story are reported in Table 5.8, while
the comparison between the ID obtained considering the maximum values of the
strength distribution and those obtained following the FEMA 356 provisions is
shown in Fig. 5.12.
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Table 5.8 Values of the statistical parameters of the ID distribution with a cov D 14%

Mean (%) Standard deviation (%) cov (%)

St 0.15 g 0.20 g 0.25 g 0.30 g 0.15 g 0.20 g 0.25 g 0.30 g 0.15 g 0.20 g 0.25 g 0.30 g

1 0.54 0.76 1.05 1.43 0.025 0.044 0.081 0.117 4.5 5.8 7.7 8.2
2 0.62 0-83 1.02 1.18 0.015 0.028 0.051 0.090 2.4 3.3 5.0 7.6
3 0.47 0.60 0.65 0.75 0.012 0.019 0.187 0.051 2.5 3.1 28.7 6.9
4 0.29 0.36 0.41 0.43 0.006 0.010 0.021 0.020 2.2 2.7 5.1 4.7

5.5 Conclusions

The influence of the variability of concrete mechanical properties on the seismic
response of RC buildings realized in Italy before the adoption of seismic codes has
been studied.

The seismic response of the considered sample structure, expressed in terms of
interstory drift, has been calculated performing a spectral analysis with the elastic
spectrum provided by EC8. The results have been compared with those obtained
applying the EC8 and the FEMA 356 provisions. The comparison has evidenced
that the codes provisions are not adequate to provide a conservative prediction of
the maximum interstory drift. Both examined codes, indeed, suggest to increase
the number of the in situ tests to reduce the uncertainties in the concrete strength
determination. According to the available experimental data, instead, the variability
of the concrete mechanical properties is related to an intrinsic non-homogeneity
of the material, due to the low quality of concrete itself, to a not adequate
control during the construction process and to a not optimal preservation of the
structure.

EC8 suggests to use in the analysis a concrete strength equal to the mean value of
the results of the in situ tests, when a satisfactory knowledge level of the structure
is achieved. As regards the considered case study, the response peaks obtained in
terms of interstory drift considering the concrete strength variability exceed those
obtained following the EC8 provisions of 30% for low values of PGA (0.15, 0.20 g)
and 40% for higher seismic excitation (PGA D 0.30 g).

FEMA 356 takes into account the variability of concrete mechanical characteris-
tics since it provides a value of fc depending on the cov of the in situ tests results.
Also in this case, however, the proposed analytical approach seems not to be fully
adequate for large values of the cov. Indeed, while for cov< 14% the estimated
peaks of ID underestimate only of 10% the results obtained with the assumed fc
distribution, when the cov D 30% the underestimation ranges between 18% for low
PGA values and 30% for PGA D 0.30 g.

The performed analysis has underlined the important role played by a correct
characterization of the concrete strength when existing RC buildings are inves-
tigated. When such buildings, realized with concrete having poor mechanical
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characteristics and with low quality standards, are studied, it is suitable to adopt an
analytical approach more conservative than those provided by codes, probably set on
buildings realized with concrete having better mechanical properties. In particular,
the effects of a nonhomogeneous distribution of concrete mechanical properties
should be considered in the analysis, with a special attention to the peaks in the
seismic response due to the irregularity in elevation.
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Chapter 6
Seismic Response of Irregular Industrial
Steel Buildings

Julien Richard, Sanda Koboevic, and Robert Tremblay

Abstract The suitability of the current Canadian procedures for seismic design
of irregular industrial buildings is studied through the example of a titanium
refinery located near Montreal, Canada. The building is braced by low-ductility
concentrically braced steel frames and characterized by an irregular geometry, as
well as an irregular mass and stiffness distributions. Three-dimensional elastic
dynamic time history analyses were carried out for selected acceleration records
compatible with the design spectra at the site. The results are compared to those
obtained from the equivalent static force procedure and the response spectrum
analysis method to evaluate how well these methods can predict deformations and
forces in such highly irregular building. The study shows that the equivalent static
method can adequately predict the displacements but may underestimate column
and brace axial forces. In general, response spectrum analysis method provides
appropriate estimates of the seismic response parameters given that a sufficient
number of modes is considered in the analysis.

6.1 Introduction

In Canada, specific design procedures for seismic design of industrial buildings are
not available. Instead, seismic design is done following requirements prescribed
in the National Building Code of Canada (NRCC/NBCC 2005) that were mainly
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developed for conventional office or residential buildings framed by regular,
continuous and well-defined seismic force-resisting systems. In heavy industrial
building, the structural elements are usually positioned to support heavy equipment
and machinery needed for operation. For these reasons, such buildings most often
have complex and irregular geometries, uneven distributions of mass and/or stiffness
and dynamic characteristics that differ from those found in regular structures. The
application of current design provisions to industrial buildings is not straightforward
for practicing engineers and may result in inadequate designs (Daali 2004; Rolfes
and MacCrimmon 2007). In particular, there exist uncertainties regarding the am-
plitude and distribution of the seismic force and deformation demand on industrial
structures.

The global seismic response of steel-framed industrial buildings in past earth-
quakes was in general satisfactory. However, the reported structural damage to
individual components or connections has resulted in disruption of operations
in most of the industrial structures examined (Richard et al. 2009). Downtime
periods may have detrimental social and economical consequences, including loss of
income or unemployment, shortage of goods, electrical power and communications.
Appropriate seismic provisions for design of industrial buildings are therefore
needed to achieve adequate performance. Current data available in the literature
regarding the seismic demand imposed on industrial steel buildings by strong
ground motions are limited, and it is not known to what extent the seismic force
and deformation demand on industrial structures can be adequately predicted using
methods prescribed in current building design codes.

In this study, the seismic response of an irregular heavy industrial building is
examined, with objective to validate if the analysis methods proposed in codes
can be used to estimate deformations and forces under seismic loads. The study
is conducted for an existing building near Montreal, Canada, that houses a titanium
refinement process. Elastic three-dimensional time history analyses are carried out
using a suite of ground motion records compatible with the design spectrum. The
results for the seismic base shears, deformations and axial loads in braces and
columns are compared to the predictions from equivalent static force and response
spectrum analysis methods. Attention is directed to the appropriate number of
modes to use in response spectrum analysis and to the possible impact of the
direction of seismic loading on member force demand.

6.2 Building Studied and 3D Analysis Model

6.2.1 Seismic Action

A three-dimensional view and the layout of the columns at the base of the building
studied are shown in Fig. 6.1a and b, respectively. The main portion of the building
is 37 m � 59 m in plan and is 43 m high. An 8-m-tall penthouse is located in the



6 Seismic Response of Irregular Industrial Steel Buildings 75

10

11

9

8

7

6

5

4

3
2

1

A B C D

E

F G H I J
N N

a b

Fig. 6.1 Irregular building studied: (a) three-dimensional view, (b) column layout at the base

south-west part of the structure. The building also includes two extensions, one
in the north-west corner (5 m � 6 m, 18 m high) and another one in the south-east
corner (24 m � 8 m, 6 m high). A more recent extension located south of column line
11 is also shown in Fig. 6.1, and this addition was not considered in this study and is
not shown in the other figures. With the exception of the roof level, the building does
not have floors that extend through the whole building but rather a series of platforms
that provide support and give access to different pieces of equipment. The platforms
occupy mainly southern and northern portions of the building, thereby defining a
large open space in the centre. Two large-capacity silos (750 and 1,200 t) are located
between lines 1 and 4, and other smaller pieces of equipment are placed throughout
the structure. Lateral loads are resisted by four low-ductility concentrically braced
steel frames located on the perimeter of the building. In moderate seismic zones,
such as Montreal, according to NBCC (2005), higher ductility system should have
been selected, as the building height exceeds the height limits of 15 m permitted
for low-ductility systems. Such systems, however, do not appear to be the most
suitable for industrial building. In order to achieve good inelastic performance and
high-energy dissipation capacity, they require well-tailored lateral load path with
balanced strength hierarchy, a condition that can hardly be maintained when mass
or structural modifications are imposed over the years due to evolving production
processes. Knowing that low-ductility system would have been the preferred choice
of designers for its simplicity and flexibility, the low-ductility braced frames are
selected in this study to obtain data that could be further used to evaluate the
relevance of current code restrictions on height. In addition to four principal braced
frames on perimeter, other braced frames are provided in the vicinity of the heavy
equipment and large openings. The building has several irregularities as described
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Fig. 6.2 Analytical model in STAAD.Pro: (a) location of platforms, (b) elevation of the braced
frames studied

in the 2005 National Building Code of Canada, namely, mass irregularity, in-plane
discontinuity of vertical lateral load-carrying elements, out-of-plane offsets and
torsional sensitivity.

To facilitate the analysis and obtain more general results that could be repre-
sentative of the behaviour of similar buildings, the geometry and the secondary
framing arrangements were simplified. Figure 6.2 shows the final three-dimensional
numerical model built in the program STAAD.Pro (Bentley and Inc. 2008). The
model includes the columns, beams, braced frames and horizontal bracing as well
as members supporting the main equipment. All the platforms were modelled, but
only those with concrete slabs were assigned rigid diaphragm properties.

The total seismic weight of the structure (W D 74,200 kN) was determined as per
NBCC (2005) and consisted of the weight of the structural members, 25% of the
roof snow load and the weight of the main equipment in the fully loaded condition.
In view of their importance and non-uniform distribution, the masses of the major
equipments were assigned to additional nodes positioned at the centre of gravity of
the equipments and linked to the rest of the structure with very stiff members. In
this manner, local overturning moments due to the horizontal inertia forces acting
above the base of the equipments could be incorporated in the analyses. The masses
of the remaining equipment were assigned to the supporting columns at each floor
in proportion to their tributary areas. For simplicity, the effects of accidental torsion,
gravity loads and P-Delta effects were not considered in the analysis.

6.2.2 Selection and Scaling of Ground Motions

Elastic dynamic time history analyses were carried out for an ensemble of 14
simulated ground motion records described in Tremblay and Atkinson (2001)
and compatible with the NBCC design spectrum for a Class C site in Montreal.
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Simulated records were used due to the lack of historical ground motion records
rich in high frequencies, which are typical at eastern North-American sites. The
initial selection was done on the basis of the magnitude-distance scenarios that
contribute the most significantly to the seismic hazard at the design location. The
records were then calibrated to achieve compatibility between the acceleration
spectra of individual records and the target design spectrum over the range of periods
determined on the basis of the best visual fit between the two spectra as described in
Richard (2009). The median acceleration response spectrum of scaled records and
the target design spectrum are shown in Fig. 6.3.

6.3 Assessment of Analytical Methods Used in Design

6.3.1 Equivalent Static Force Method and Response
Spectrum Method

Forces and deformations induced by seismic loads were first determined using
the code-equivalent static force procedure and response spectrum analysis method.
Selected response parameters were then compared to values obtained from elastic
time history analysis to validate the application of current seismic design procedures
to irregular industrial buildings. The seismic loading was not reduced to account
for the ductility and the overstrength of the system so that direct comparison with
the results of the elastic time history analyses could be made. According to NBCC
(2005), dynamic analysis, either spectral or time history, is mandatory for such
a highly irregular building. Nevertheless, the equivalent static method was also
considered in this study as it is much simpler to use at the preliminarily design
phase and is commonly employed by practicing engineers.

The fundamental periods were initially calculated using the NBCC empiri-
cal formula for braced frames, Ta D 0.025 hn, where hn is the building height.
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Table 6.1 Modal properties of the building studied along the building
orthogonal axes

E-W N-S

Mode Ti (s) Mi (%)
P
Mi=M .%/ Mi (%)

P
Mi=M .%/

1 1.46 0:0 0:0 0:2 0:2

2 1.38 53:2 53:2 2:1 2:1

3 1.32 1:5 54:7 63:4 65:7

4 1.11 0:2 54:8 0:2 65:9

5 1.07 7:1 62:0 0:0 65:9

6 1.05 4:2 66:2 0:2 66:1

7 1.02 0:0 66:2 0:0 66:1

8 0.98 3:8 70:0 0:7 66:9

9 0.96 0:7 70:7 5:1 72:0

: : : : : : : : : : : : : : : : : :

70 0.38 0:1 90:0 0:1 86:2

: : : : : : : : : : : : : : : : : :

95 0.33 0:5 92:9 0:4 90:3

: : : : : : : : : : : : : : : : : :

126 0.26 0:3 97:1 0:1 96:1

Taking hn D 51 m for the frame height at the penthouse location and hn D 43 m
elsewhere in the building, periods equal to 1.28 and 1.08 s were obtained, respec-
tively. The building periods were also determined from thorough modal analysis.
The results are summarized in Table 6.1. Although the building principal modes
were aligned with the two orthogonal directions of the building, strong torsional
components were present. Each of the two principal modes were associated with
about 54% of the total mass, while the individual contribution of higher modes was
relatively small and varied between 0.1 and 7% (see Table 6.1). Therefore, a large
number of modes had to be considered (70 for the E-W direction and 95 for the N-S
direction) to obtain the minimum 90% mass participation required by codes.

Rayleigh method gave periods equal to 1.29 and 1.28 s in the E-W and N-S
direction, respectively. Values obtained from all three methods agreed well. These
results indicate that the code empirical formulae and the Rayleigh method can
provide reasonable estimates of fundamental periods for such irregular building.

The periods calculated with the Rayleigh method were used to determine the
elastic base shear forces, Ve, according to NBCC’s equivalent static force method.
Following values were obtained: Ve D 8,900 kN along the E-W direction and
Ve D 9,000 kN along the N-S direction. The force demand from the equivalent static
method was obtained from two seismic load profiles in order to assess the approach
for inclusion of higher modes: (1) the linear distribution with concentrated force at
the top of the structure prescribed in NBCC (2005) and (2) the parabolic distribution
as defined in ASCE 7-05 (ASCE 2005).

In the response spectrum analysis, modal contributions were combined using
the CQC rule assuming 5% damping in all modes. Although in a real structure
lower damping can be anticipated (2–3%), 5% damping was used in this study to
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maintain consistency with the level of damping considered in the NBCC design
spectrum. As previously mentioned, large number of modes had to be included to
obtain the minimum 90% mass participation required by codes: 70 and 95 modes for
the E-W and N-S directions, respectively. The base shear forces from the response
spectrum analysis, Vt, were equal to 5,690 and 6,460 kN representing only 64 and
72% of the seismic base shear forces obtained from the equivalent static method
in corresponding directions. When including up to 126 modes, the combined mass
participation increases to 97 and 96% in each of the two directions (see Table 6.1)
and the two associated base shear forces increased to 71 and 79% Ve, respectively.
Further increase in the number of modes in the response spectrum analyses did not
lead to any further augmentation of the base shears. The difference between Vt and
Ve is explained by the inherent inadequacy of the equivalent static force method to
represent the dynamic response of complex structures.

For irregular building structures, NBCC (2005) requires that the resulting base
shear obtained by response spectrum analysis corresponds to at least the value
of the base shear obtained by an equivalent static method. The relevance of this
requirement is questionable when the number of modes used in the spectral analysis
is sufficient to reach convergence. However, more data are needed on this subject
before more general conclusions can be drawn. In this study, the results of the
response spectrum analysis conducted for the number of modes engaging 90%
participating mass were scaled by the Ve/Vt ratio, as required in NBCC (2005), and
then compared with other methods.

6.3.2 3-D Dynamic Time History Analysis

The modal superposition routine available in the program STAAD.Pro was used
to carry out a three-dimensional dynamic time history analysis. Damping equal
to 5% of the critical value was assigned to all modes. Preliminary analyses were
performed to determine the appropriate number of modes required to adequately
predict the seismic base shears, storey displacements and maximum brace forces.
The number of modes was gradually increased to achieve 90% (70 modes and 95
modes in the E-W and N-S direction, respectively), 97% (126 modes) and nearly
100% (500 modes) participating mass. Increasing the participating mass from 90
to 97% resulted in peak base shear forces increasing by as much as 25%; however,
no further base shear increase was observed beyond 126 modes. Similarly, brace
axial loads changed significantly until 126 modes were included but remained fairly
constant when additional modes were considered. Storey displacements were the
least sensitive to the number of modes selected; however, for specific storeys, it
was necessary to engage 97% of the mass to avoid changes in the results. Based
on these three observations, 126 modes were included in the analysis. In view of
the number of selected accelerograms, median results from time history analysis
can be considered as representative for comparison with other methods, but 84th
percentile values were also tracked to illustrate dispersion. The analyses were
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conducted for two sets of orthogonal axes: the principal axes of the building and
the set of axes oriented at 45ı angle with respect to the principal axes. The latter
set was selected to evaluate the impact that the direction of the analysis may have
on the response.

6.3.3 Results and Discussion

The comparison between the three methods was done by observing the following
response parameters: the seismic base shear, storey displacements and the axial
forces in columns and braces of the braced frames. The results are shown in
Figs. 6.4, 6.5 and 6.6.
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Fig. 6.6 Comparison of peak axial load in columns and braces induced by seismic loads acting in
N-S direction: equivalent static force (STAT), response spectrum (SPEC) scaled and time history
(TH-med and TH-84th) analysis methods

As seen in Fig. 6.4, similar seismic base shears in the two principal building
directions were obtained by all three methods. This result was anticipated because
the corresponding building periods in the two directions were comparable. Elastic
base shears calculated using the equivalent static force method exceeded the median
time history results by approximately 40% and were even slightly higher than the
maximum peak values. Median results agree well with the values obtained from
response spectrum analysis when no scaling of base shear is applied, confirming
that the base shear estimates obtained from the equivalent static force method are
probably conservative.

The calculated peak displacements under loads and ground motions applied in
the N-S direction are shown in Fig. 6.5. Displacements are observed instead of
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inter-storey drifts, because none of the floors extended through the whole building
areas. The results shown are normalized by the total storey height measured from the
ground. All methods predicted comparable displacement profiles, and no significant
difference was noted when using the NBCC 2005 or the ASCE 7-05 seismic
force distributions in the equivalent static force method. Spectrum analysis results
were slightly smaller than those obtained from equivalent static load method in all
but two locations and about 40% higher than the mean time history results. The
84th percentile values were also below the predictions of the equivalent static and
response spectrum methods. These observations correspond to results obtained for
base shears.

Column and brace axial load profiles in the selected braced frames, shown in
Fig. 6.6, also compare well between the different methods considered. The results
are shown for earthquake loads acting along the N-S direction of the building.
Similar force profiles were obtained for the E-W direction. The response spectrum
analysis values consistently exceeded the median time history results. They were
even higher than the 84th percentile time history values for almost all structural
elements studied. This can be explained by the scaling procedure that was applied
to the response spectrum analysis results. The results from the equivalent static force
method are comparable to response spectrum values for the frames oriented in the
direction of the analysis. For the frames in the perpendicular direction, however, the
equivalent static force method under-predicted the member forces by a large margin
in some cases. This can be attributed to the inadequate treatment of higher modes
and in-plane torsional effects when using an equivalent static force method for such
irregular structures.

6.3.4 Impact of the Direction of Analysis on Column
and Brace Forces

According to NBCC (2005), when the components of the seismic force-resisting
systems are orientated along a set of orthogonal axes, design of seismic forces in
the members of a building structure can be obtained by two independent analyses
performed along each of the principal axes of the structure. This condition applies to
the structure studied. However, given the presence of irregularities in the structure
and the fact that some braced frames shared columns in the upper part of the
building, it was of interest to determine if the direction of the application of the
loads could have impact on the member forces.

Figure 6.7 summarizes the results obtained from time history analysis for four
directions of load application: two analyses along the principal axes of the building
and two analyses along orthogonal axes oriented at 45ı angle with respect to the
building principal directions. Force envelopes obtained from the response spectrum
analysis are also shown for comparison. Note that column lines B and I run in the
N-S direction, while column lines 1 and 11 are in the E-W direction. As expected,
the highest axial loads in diagonals of the braced frame were developed when
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Fig. 6.7 Impact of direction of the analysis on peak axial load in columns and braces

seismic loads were acting in the direction of the braced frame. For the columns
of braced frames in the N-S direction, the highest loads were induced by the same
loading. However, in the upper columns of the frames along the E-W direction, up
to 30% higher forces were recorded under the ground motions acting in directions
other than the direction parallel to the frames, including loading at 45ı. Such a
result is explained by the fact that these columns were also part of another braced
frame placed in the perpendicular direction to the studied frame. This type of
framing arrangements is quite common in heavy industrial buildings, and caution
should therefore be exercised when selecting the direction of the loading for seismic
analysis. In all cases studied, member forces obtained from the response spectrum
analysis were the highest and would therefore provide conservative estimates of
design forces.
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6.4 Conclusions

1. For the building studied, the code empirical formulae provided reasonable
estimates of fundamental periods that compared well to values obtained from
the Rayleigh method modal analysis.

2. The equivalent static force method predicted reasonably well deformations under
seismic loads but underestimated the axial loads in columns and braces.

3. For the response spectrum analysis method, it was necessary to include a large
number of modes to engage the minimum 90% mass participation required by
building codes: 70 and 95 modes, respectively, for each of the two principal
directions of the building studied.

4. The response spectrum analysis method provided a fair prediction of both
the deformation and force seismic demand and therefore appeared to be an
appropriate method to predict the seismic response of such a highly irregular
building.

5. In this study, dynamic time history analysis was performed using a modal
superposition technique. The results showed that member forces are sensitive
to the number of modes considered in the analysis and can be significantly
underestimated if an insufficient number of modes are selected. For the building
studied, the number of modes required to obtain 97% global mass participation
was necessary to adequately predict the base shear forces.

6. The study showed that the selection of the direction in time history analysis
should be done with care, as the maximum forces in components that are
common to two braced frames in orthogonal directions may be induced by
seismic loads acting in directions that are not parallel to the braced frame studied.

7. To maintain consistency with NBCC design spectrum, 5% damping was assumed
in this study. For realistic buildings, 2–3% damping would be more adequate.
Studies are underway to investigate further the impact of damping on the seismic
response.

8. The study was limited to a single building with specific dynamic characteristics,
and the results cannot be generalized before similar study is conducted on
additional structures. However, the results provide insight into possible limi-
tations of current seismic design procedures and possible directions for future
investigation.
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Chapter 7
The Inter-storey Pounding Effect on the Seismic
Behaviour of Infilled and Pilotis RC Structures

Maria J. Favvata and Chris G. Karayannis

Abstract The influence of the inter-storey structural pounding on the seismic
behaviour of adjacent multistorey reinforced concrete structures with unequal storey
heights is studied taking into account the local response of the infill panels. Results
of more than 100 dynamic analyses indicate that the most important issue in
the interaction between structures is the local response of the column of the tall
structure that suffers the hit of the upper floor slab of the adjacent shorter and stiffer
structure. This column appears to be in most of the times in a critical condition
due to shear action. In this paper, the influence of the infill panels on the pounding
problem of adjacent structures is studied. Two types of masonry-infilled structures
are considered: (a) infilled frame and (b) infilled frame without infills at the base
storey (pilotis frame). Results in terms of inter-storey drifts, shear requirements,
ductility requirements and infill local seismic response are presented. The influence
of the infill panels on the seismic performance of the critical column that suffers
the hit led in all examined cases to an increase of the demands for shear and
ductility, when compared to the corresponding values that are developed in the
cases that the RC structure is studied without considering the infills. Thus, it can
be demonstrated that in all examined inter-storey pounding cases, the presence of
the infills was not enough for the amelioration of the excessive demands for shear
and ductility of the column that suffers the impact. Nevertheless, the presence of the
masonry infill panels has been proved as an important parameter for the safety of the
building. Non-linear dynamic step-by-step analyses and special purpose elements
are employed for the needs of this study.
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7.1 Introduction

An important cause of structural damage that under certain conditions can lead to
collapse initiation is that of pounding between adjacent structures. Many analytical
works on structural pounding have been reported during the last two to three decades
(e.g. Anagnostopoulos and Spiliopoulos 1992; Chau et al. 2003; Maison and Kasai
1990, 1992; Liolios et al. 1991; Jankowski 2007, 2009). Nevertheless, most of the
studies have yielded conclusions not directly applicable to the design of multistorey
buildings potentially under pounding.

The influence of structural pounding on the seismic response of multistorey
structures based on inelastic time history (dynamic) has recently been studied
(Karayannis and Fotopoulou 1998; Karayannis and Favvata 2005a, b; Anagnos-
topoulos and Karamaneas 2008; Favvata et al. 2009; Abdel-Mooty et al. 2009).
Moreover, results based on non-linear static analyses for the study of the interaction
problem have also been reported in the literature (Favvata et al. 2008a).

Karayannis and Favvata (2005a) for the first time, examined the influence of the
structural pounding problem on the ductility requirements and the overall seismic
response of reinforced concrete structures with unequal heights designed according
to the Eurocodes 2(EC2) (Eurocode 2 2002) and 8 (EC8) (Eurocode 8 2003).
Results of 72 pounding cases between structures with equal inter-storey heights
and each one for two different seismic excitations were presented and used in order
to quantify the pounding effect. Moreover, initial results for the case of pounding
between adjacent structures where the slabs of the one structure hit the columns of
the other one were included. This phenomenon is referred by the authors as inter-
storey pounding.

Furthermore, Karayannis and Favvata (2005b) present an extensive investigation
on the inter-storey pounding problem between adjacent multistorey reinforced
concrete frames with unequal total heights and different storey heights designed
according to the codes EC2 and EC8. Fifty-two pounding cases each one for two
different seismic excitations were examined. In these cases, the slabs of the short
stiffer structure hit the columns of the multistorey structure at a point within the
deformable height, and this phenomenon was referred to as inter-storey pounding.
The effect of the number of stories on the response of the multistorey frame
structures that suffers the pounding effect was investigated. The results of this
study yielded the conclusion that the most important problem in the case of inter-
storey pounding of reinforced concrete structures is the developing critical shear
state at the columns that suffer the hit, since in these cases the demands of flexural
ductility can more or less be safely satisfied. It is noted that the local damage of the
critical column that suffers the impact as a result of seismic pounding had not been
investigated until then.

In 2008, Anagnostopoulos and Karamaneas (2008) also underline the significant
effect of the inter-storey pounding on the seismic response of the buildings in order
to study the effectiveness of collision shear walls to help the colliding buildings
avoid major damage due to interaction effect. However, only a particular case of
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adjacent 5-storey RC buildings with slightly different storey heights was studied,
and the bearing response of the weaker vertical elements was under concern.
The examined inter-storey pounding case was considered at the mid-height of the
columns; thus, the flexural response and not the shear was critical for the response
of the columns that suffer the hit. The two buildings were designed according to the
Greek Earthquake Resistant Design and Reinforced Concrete Design codes.

The exterior reinforced concrete beam-column joints local inelastic response
has also been reported in the literature as the key parameter for the study of
the inter-storey pounding effect between adjacent structures (Favvata et al. 2009;
Favvata 2006). Thus, special purpose joint element-model (Favvata et al. 2008b)
was employed in the finite analysis mesh of the structural systems. The results of this
investigation demonstrated that the possible local inelastic response of the exterior
joints may be in some cases beneficial for the seismic behaviour of the critical
column that suffers the impact. However, in all the examined cases, the developing
demands for deformation of the exterior joints are substantially increased and severe
damages can be observed due to the pounding effect.

Nevertheless, damages in reinforced concrete buildings during the recent earth-
quakes indicated that the interaction between masonry-infilled frames and bare
frame can lead to unexpected effects on the seismic response of the RC building
such as shear failure in columns, damage to joint region and soft-storey mechanism.
Considering that brittle failures can occur by the concentration of high stresses
transferred from the infills to the columns, the interaction between masonry infill
and bare frame should also be considered in the seismic analysis of structures.

In view of the above, the role of the infill panels on the earthquake inter-
storey pounding between adjacent structures is herein studied. Two types of
masonry-infilled structures are considered: (a) infilled frame and (b) infilled frame
without infills at the base storey (pilotis type). The case of bare frame structure is
also examined for comparative reasons. Non-linear dynamic analyses and special
purpose elements are employed for the needs of this.

7.2 Modelling Assumptions

7.2.1 Idealization of Inter-storey Structural Pounding

In this work the earthquake-induced interaction between adjacent structures with
different total heights is studied, taking into account the local response of masonry-
infilled panels. The actual condition and the model idealization of this interaction
case are shown in Fig. 7.1.

In the case of the inter-storey pounding, the slabs of the diaphragms of each
structure hit the columns of the other structure at a point within the deformable
height. Contact points are taking into account at the levels of the floor slabs of
the short structure, since it has been found (Karayannis and Favvata 2005a) that
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Fig. 7.1 Actual condition and model idealization of inter-storey pounding problem that includes
infills panel local response

the response of the interacting structures is influenced only by the position and the
characteristics of the contact point at the short structure’s top floor. The influence
of the other contact points on the results proved to be negligible for such types of
structural pounding.

Collisions are simulated using special purpose contact elements that become
active when the corresponding nodes come into contact. This idealization is
consistent with the building model used and adequate for studying the effects
of pounding on the overall structural response for the pounding cases under
examination. In the case that the structures move one towards the other but the
displacements are small and the existing gap is not covered, the contact element
remains nonactive and the buildings continue to vibrate independently. In the case
that the structures move one towards the other and the displacements bridge the
existing gap or the structures are in contact from the beginning, then the contact
element responds as a spring with almost infinite stiffness. More details on the
characteristics and response of the contact element can be found in previous works
by Karayannis and Favvata (2005a, b).

7.2.2 Simulation of the Infill Panels

For the simulation of the local response of the masonry infill panel, the equivalent
diagonal strut model is used. For this purpose, two different types of elements have
been examined by Karayannis et al. (2005). The first element was an inelastic
truss element with bilinear response which carries loads only in compression.
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The response of the infill panel beyond the ultimate strength cannot be taken into
account. Thus, in the analysis process when the infill panel reaches its ultimate
strength it is assumed that the strength of the infilled frame decreases to the value of
the strength of the bare frame at this point of loading. The second type of element
which is used in this work is a special purpose beam-column element. This element
accounts for more accurate definition of the response properties of infilled masonry
than the previous one since it includes degrading branch (Fig. 7.2). Special attention
has been given in the implementation of this element for the simulation of the infill
panel in order to exhibit axial response only and not flexural one. Moreover, in the
adopted implementation considering that the concentric struts cannot represent the
forces imposed on the columns (and beams) of the frame by the infill, the equivalent
diagonal struts are eccentrically connected within the RC frames (Fig. 7.2c, see also
ASCE/SEI 41-06).

Further an important problem in modelling the infill panel is the determination
of the response characteristics of the diagonal strut model, taking into account
the actual conditions of the effective lateral confinement of the masonry by the
reinforced concrete frame. The actual properties of the infill panel have been
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approached using the experimental results by Karayannis et al. (2005) and Kakalet-
sis and Karayannis (2009). After the assessment of the lateral resistance of the infill
panel the characteristics needed for the diagonal strut model were determined. The
effective width of the diagonal element was determined according to FEMA 273
and 306 (FEMA 273/274 1997; FEMA 306 1999) which is mainly based on the
Mainstone’s formula (Mainstone 1971) (see also Fig. 7.2).

7.2.3 Special Quartic Element for the Simulation
of Beams and Columns

A special quartic element (Izzuddin et al. 1994; Karayannis et al. 1994) is used
for simulating the inelastic response of beams and columns. This element involves
the use of a 4th-degree elastic shape function. This formulation is capable of
accurately modelling a whole member of the structure with one element. The
procedure includes automatic refinement of elastic elements into inelastic elements
after detection of material inelasticity. More details on the formulation and the
function of the quartic element can be found in previous works by Izzuddin et al.
(1994) and Karayannis et al. (1994).

7.3 Examined Interaction Cases

The most important issue in the inter-storey pounding cases is the local response of
the external column of the tall building that suffers the impact from the upper floor
slab of the adjacent shorter and stiffer structure. This impact takes place at a point of
the deformable height of the column. The consequences of the impact can be very
severe for the integrity of the column and may be a primary cause for the initiation
of the collapse of the structure. This is the most critical case of interaction between
adjacent buildings (Karayannis and Favvata 2005a, b).

In this respect, in the examined cases it is considered that the pounding takes
place at points of the deformable height of the columns of the more flexible 8-
storey frame structure. Each of the studied cases is examined for two different
gap distances between the two structures and is analysed for the El Centro 1940
seismic excitation with maximum acceleration (˛max) scaled to be equal to the
design acceleration of the examined structure (˛max D 0.3 g). In these interaction
cases, the total height of the 3-storey structure is greater than the total height of the
3rd floor and less than the total height of the 4th floor of the 8-storey frame, and
thus the highest contact point of the two structures lies between the levels of the 3rd
and the 4th floor of the 8-storey frame.

Further, a parametric investigation is performed considering two different po-
sitions of the contact point in order to point out the influence of the inter-storey
pounding effect on the seismic behaviour of the critical column that suffers the
hit. The examined positions are at 1/3 and 1/2 of the inter-storey height of the



7 The Inter-storey Pounding Effect on the Seismic Behaviour of Infilled. . . 93

C29

C25

C21

C17

B22
30/70

B19
30/70

B16
30/75

B13
30/75

C13

B10
30/75

C9

B7
30/75

C5

B4
30/75

C1

B1
30/75

C2

B2
30/75

C6

B5
30/75

C10

B8
30/75

C14

B11
30/75

C18

B14
30/75

C22

B17
30/75

C26

B20
30/70

C30
B23

30/70

Structural system of
8-storey RC structure 25.60m

3.20m

6.00m 3.00m

Fig. 7.3 Structural system of the examined 8-storey RC structure

column of 4th floor of the 8-storey frame. The influence of the gap size on the
inter-storey pounding effect is also taken into account. Thus, all pounding cases are
examined: (a) for structures in contact from the beginning (dg D 0), (b) for initial
gap distance between the two structures equal to dg D 2.0 cm and (c) for the case
that the structures vibrate independently without pounding effect.

Nevertheless, the main scope of this work is to incorporate the masonry infills as
key parameter for the study of the inter-storey structural pounding. For this purpose,
three types of multistorey structures that suffer the interaction effect are considered:
(a) 8-storey fully infilled frame structure, (b) pilotis type 8-storey building (soft 1st
storey) and (c) 8-storey bare frame structure (for comparison reasons). Moreover,
the pounding cases between the 8-storey frame and 3-storey frame-wall structure are
examined, considering that the highest contact point is located at the 1/3 of the inter-
storey height of the 4th floor column of the 8-storey frame and that the structures
are in contact from the beginning (dg D 0). In these cases, the structural systems are
subjected to a strong seismic action (Northridge, USA, 1994 with ˛max D 0.45 g).

Beams, columns and walls of all the examined structural systems were designed
according to Eurocodes 2 and 8, meeting the Ductility Capacity Medium (DCM)
criteria of the codes. The geometry of the 8-storey RC frame structure is shown
in Fig. 7.3. The computer program used in this work is the well known nonlinear
dynamic structural analysis program ADAPTIC (Izzuddin 1991).
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7.4 Results

7.4.1 Response of the Column that Suffers
the Inter-storey Pounding

The influence of the inter-storey pounding effect on the seismic behaviour of the
critical column that suffers the hit is herein discussed. In this respect, for the
examined interaction cases results concerning the flexural and the shear demands
of the critical external column of the 8-storey frame structure that suffers the
inter-storey pounding are presented and compared with the corresponding available
flexural and shear capacities. The contribution of the infills on the seismic response
of the critical column is also presented.

Ductility requirements. The maximum ductility demands developing in the 4th
floor column of the 8-storey structure that suffers the hit from the slab of the
adjacent shorter and stiffer structure are presented in Table 7.1 for the examined
pounding cases without infills. From this table it can be observed that the ductility
requirements for the critical column are increased when compared with the ones
without the inter-storey pounding effect, and especially for the cases that the two
buildings are in contact (dg D 0), these demands appear to be higher than the
available ductility values. In the cases that there is a small initial gap distance
(dg D 2 cm) between the interacting buildings, the ductility demands of the column
are also higher than the ones of the same column without the pounding effect,
but in most of the examined cases, they appear to be lower than the available
ductility values.

However, the results of Table 7.1 indicate that changes of the position that the
impact takes place within the deformable height of the column and changes of
the initial gap distance between the adjacent structures have as a result a different
influence on the response of the column.

In the examined pounding cases that include the local response of the masonry
infill panels, an increase on the ductility demands of the critical column is observed
(Table 7.2). In fact, as it can be observed in Fig. 7.4, during the seismic excitation

Table 7.1 Capacity demand of the external column that suffers the inter-storey
pounding

Ductility demands Shear demands

dg D 0.0 cm dg D 2.0 cm dg D 0.0 cm dg D 2.0 cm

Pounding at hA D 1/3 h 7.64 (2.21)a 2.56 (0.74) 2.88b (250)c 2.72 (133)
Pounding at hA D 1/2 h 8.74 (2.53) 2.60 (0.75) 1.75 (150) 1.57 (70)
Without pounding Elastic Elastic Elastic Elastic

Pounding cases between 8-storey frame and 3-storey structure (seismic excitation of El
Centro 1940 – ˛max D 0.3 g)
aRatio of the ductility demand to the available one
bRatio of the maximum shear demand to the available shear strength
cTimes of exceeding the available shear strength during the analysis
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Table 7.2 Including infills local response; capacity demand of the external column
that suffers the inter-storey pounding

8-storey frame: Fundamental periods Ductility demands Shear demands

Bare T1,bare D 0.841 2.27 (0.66)a 1.95b (31)c

Infilled T1,infilled D 0.641 3.62 (1.05) 2.54 (49)
Pilotis T1,pilotis D 0.674 2.58 (0.75) 2.48 (78)
Without pounding (frame, infilled, pilotis) Elastic Elastic

Pounding case between 8-storey frame and 3-storey structure at hA D 1/3 h and
dg D 0.0 cm (seismic excitation of Northridge 1994 – ˛max D 0.45 g)
aRatio of the ductility demand to the available one
bRatio of the maximum shear demand to the available shear strength
cTimes of exceeding the available shear strength during the analysis
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Fig. 7.4 Inter-storey pounding effect for the examined cases that include masonry infill panels
(interaction at the point hA D 1/3 h with dg D 0.0). Time history ductility requirements of the
external column of the 4th storey that suffers the hit (seismic excitation Northridge 1994 –
˛max D 0.45 g)

the ductility requirements of the critical column are substantially increased due
to the presence of the infills. Moreover, comparison of the results of the seismic
performance of the column that suffers the hit between the fully infilled frame and
the pilotis type frame indicate that the inter-storey pounding effect is more intense
in case of fully infilled frame than in case of pilotis.

Shear requirements of the critical column. The shear demands developing in the
critical part of the column of the 8-storey structure that suffers the impact from
the adjacent shorter and stiffer structure are presented in Tables 7.1 and 7.2 for all
the examined pounding cases. These tables present the increase of the developing
maximum shear forces due to pounding effect. Furthermore, the number of times
during the analysis that the shear forces of the critical part of the column exceed its
shear strength is also given in Tables 7.1 and 7.2.
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For the cases that the infilled panels are not included, it can be observed
that the inter-storey pounding effect induces a critical shear state for the seismic
performance of the column since in all the examined cases, the developing shear
forces exceed the capacity for shear strength of the member many times during the
excitation (Table 7.1). Moreover, the pounding case where the highest contact point
is considered at the 1/3 of the inter-storey height of the column of the 4th floor is
proved to be the most critical interaction case for the safety of the 8-storey structure
(Table 7.1). Similarly, in the cases that masonry infills are included in the analysis
model, it can be observed that the maximum shear demands of the column that
suffers the hit are increased due to the inter-storey pounding effect (Table 7.2).

Figure 7.5 presents the developing shear forces of the column of the 8-storey
structure that suffers the hit at the point hA D 1/3 h from the slab of the 3-storey
structure, and the two structures are in contact from the beginning (dg D 0) for the
cases that the multistorey structure is considered as (a) fully infilled frame structure,
(b) pilotis frame building (infills are considered in the 2nd–8th storeys and thus
soft 1st storey) and (c) bare frame structure (without infills). In this figure, the
points represent the pairs of the developing shear force, V, and the axial force,
N, at every step of the seismic analysis, whereas the lateral solid lines show the
available capacity of the reinforced concrete element for the combination of shear
versus axial force (EC2 & 8). This way, a direct comparison of the developing
shear force at all the steps of the analysis with the available shear strength can be
obtained.

The presence of the infill panels for the study of the inter-storey pounding effect
on the seismic performance of the column that suffers the hit has as a result a
considerable increase of the shear demands when compared to the corresponding
values that are developed in case that the multistorey frame is studied without
infills.

7.4.2 Local Response of Infills and Overall Drifts
Due to the Inter-storey Pounding Effect

The results presented herein are for the pounding cases between the infilled 8-storey
frame structures and the 3-storey frame-wall building considering that the highest
contact point is located at the 1/3 of the inter-storey height of the 4th floor column of
the tall structure and that the structures are in contact from the beginning (dg D 0).

In this aspect, Fig. 7.6 comprises the influence of the structural inter-storey
pounding on the local response of the masonry infills. The results are for both
examined types of infilled frames: (a) fully infilled and (b) pilotis type. Com-
parative results in terms of maximum developed deformations of the infill panels
are presented between the cases that (a) the structural system suffers the inter-
storey pounding effect and (b) the structures are vibrating independently (without
interaction effect). In this figure, the capacity deformation at ultimate strength of
the infills as well as the ultimate deformation at failure are shown. In this way, a
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clear understanding of the damage level of the infills can be deduced since there is a
direct comparison of the developed local deformation with the available deformation
capacity of the infills. It is clearly deduced that the seismic performance of the infills
substantially changes due to pounding effect. An excessive increase of the maximum
inter-storey deformations of the infills of the 8-storey structures is observed at the
floors above the level of the contact (4th floor) in comparison with the ones of the
same frames without the inter-pounding effect.

The presence of the infills is proved to be a decisive key parameter for the
safety of the structures. In the examined cases, the capacity deformation at ultimate
strength of the masonry panels is exceeded in all floor levels either is considered the
pounding effect or not and for both types of infilled frames.

In Fig. 7.7, the maximum inter-storey drifts of the pounding cases of the 8-storey
RC frames with the 3-storey RC structure are presented and compared in the same
figure with the ones of the 8-storey frames vibrating without interaction effects. It is
observed that the maximum inter-storey drifts of the 8-storey buildings are increased
for the floors above the floor of the contact (4th floor) in comparisons with the ones
of the same multistorey structures without the pounding effect.
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Nevertheless, the interaction effect on the inter-storey drifts is more intense in
the case of the infilled RC frame structures due to the aforementioned total failure
(collapse) of the infills at the upper storeys.

7.5 Conclusions

The seismic performances of infilled RC multistorey frame structures that suffer the
inter-storey pounding effect were examined. Special attention has been given to the
local response of the critical column that suffers the impact. The main remarks and
conclusions can be summarized as follows:

1. The column that suffers the hit is always in a critical condition due to shear
action. In the cases that the two structures are in contact, this column appears to
be critical due to high ductility demands as well.

2. The flexural response of the critical column is greatly influenced by any changes
on the position that the impact takes place within its deformable height and on
the initial gap distance between the adjacent structures.

3. An increase of the demands for shear and ductility of the critical column is noted
due to the presence of the infill panels when compared to the corresponding
values that are developed in the cases that the structure is studied without
considering the infills.

4. The seismic local behaviour of the infills substantially changes due to the
pounding problem. An exaggerated increase on the demands for deformation
of the infills is observed at the floors above the upper level of the contact in
comparison with the ones of the same infills without the inter-pounding effect.

5. Due to the above mentioned local failure of the infills at the upper storey levels,
the effect of the pounding on the developed inter-storey drifts of the buildings
is more intense in comparison with the ones of the same buildings without
masonry.
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Chapter 8
Modal Irregularity in Continuous Reinforced
Concrete Bridges. Detection, Effect
on the Simplified Seismic Performance
Evaluation and Ways of Solution

Gustavo Ayala and Marco Antonio Escamilla

Abstract This chapter presents the preliminary results of an ongoing investigation
on the modal irregularity in structures, particularly in reinforced concrete viaduct-
like bridges, and the effect of this structural/demand characteristic on the seismic
performance evaluation of such structures using simplified methods of analysis.
The main objective of this chapter is to understand modal structural irregularity
and its effects on the performance results obtained from approximate elastic
analysis procedures prescribed by most codes or simplified nonlinear analysis
methods using modal spectral analyses. It is shown that modal irregularity may
be present in bridges with relatively close modes, and it may also occur when, in
the inelastic range, the instantaneous modes of the bridge change their composition
and that this irregularity may lead to erroneous results, particularly when a modal
combination rule is involved. To overcome this problem, a new analysis method
for the seismic performance evaluation of bridges exhibiting modal irregularity is
presented. This method has as origin a simplified seismic evaluation method based
on the performance of a reference single degree of freedom system derived from the
capacity curve of the bridge, calculated using evolutive modal spectral analyses with
their corresponding dissipated hysteretic energy correction. To show the application
of this method, the seismic performance of two bridges, one considered regular
and the other with evident modal irregularity, subjected to an earthquake record of
two different intensities, one that keeps them within the elastic range of behaviour
and the other that takes them into the inelastic range. Finally, the validity of
this approximation is shown by comparing the “exact” seismic performance of
the bridges, obtained by nonlinear step-by-step analysis, with the corresponding
performances obtained using the simplified method. To show the validity of the
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procedure proposed for the construction of the capacity curve of a bridge, a
comparison of results obtained from conventional force pushover analysis, evolutive
modal spectral analysis with a correction for hysteretic energy dissipation and the
incremental dynamic analysis; using as reference the last one and stressing the
potential and limitations of the second.

8.1 Introduction

Current seismic design codes emphasize in their norms that structures should be
designed to avoid collapse, by dissipating part of the input energy of an earthquake
through the hysteresis at their damaged elements and by controlling the location
and intensity of the accepted damage. Earthquake damage observations after the
occurrence of events of significant intensity have shown, however, that many of the
affected structures had not experienced behaviours consistent with these norms and
the assumptions accepted in their definition. Among the different types of structures
in this situation, bridges are one of the affected types of structures.

Bridges are apparently simple structures which behaviour under design seismic
demands could be satisfactorily predicted with currently accepted methods; un-
fortunately this has not been the case, possibly because many of the assumptions
used in their seismic analysis and design are not directly applicable to bridges as
most of the research efforts on the seismic behaviour of structures, that has led to
this assumptions, have been focused to buildings, ignoring the fact that building
structures have a very different behaviour to bridges. This situation is normally
accentuated when modal combination rules in modal spectral analysis, derived for
the analysis of buildings, are used.

The generality of design codes is based on the use of the equal displacements
rule (Veletsos and Newmark 1960), which postulates that the maximum inelastic
displacement of a single degree of freedom, SDOF, oscillator may be approximated
by the corresponding maximum elastic displacement. It has been shown, however,
that this rule is not directly applicable to short period oscillators and to seismic
demands characteristic of soft ground conditions and even less to complex structures
where the damage caused by earthquake invalidates the assumption that each mode
of vibration remains constant, ignoring the fact that behind the definition of each
mode there is a shape that changes with damage, something that does not occur
when each mode is assumed to be equivalent to a SDOF system. This fact has been
indirectly brought to the attention of researchers involved in the seismic evaluation
of bridges, who have experienced the risk of having wrong performance results from
simplified analysis methods due to this “irregularity”.

Current literature on the seismic evaluation and design of bridges has diverse
proposals to detect the degree of irregularity through indexes, defined with equations
in terms of structural characteristics that establish the conditions that guarantee the
validity of the results of simplified analysis procedures. This outcome makes evident
the need of a simplified method of analysis which gives valid results even when these
conditions are not met.
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This chapter proposes two new parameters to characterize regularity defined
as modal regularity indexes and a seismic evaluation procedure for viaduct-type
bridges which explicitly considers modal irregularity to give valid evaluation results.
It is shown that modal irregularity in bridges may not only occur when modal
frequencies are relatively close to each other but also when the modes that contribute
most to the performance of the structure change in form and order of participation
when passing from one damage state to another. Further to the problems and
limitations of the variants of the equal displacements rule and their implementation
in the seismic evaluation and design of bridges, this chapter finds that modal
irregularity is another factor that may significantly affect the approximation of
the results obtained from these methods and that this factor alone may lead to
erroneous results, when compared with those obtained from nonlinear step-by-step
analyses.

8.2 Bridge Regularity

Up till now, the notion of regularity in current seismic design codes is either
not present or not clearly defined. Aware of this situation, some researchers
have focused their studies on understanding the influence of irregularity in the
evaluation of the seismic performance of bridges proposing regularity indexes for
the classification of these structures which may help the analyst in deciding what
approximate method to use in their evaluation or seismic design.

Even though the definition of regularity varies slightly from code to code, the
factors which influence the performance of an irregular structure are not known.
Both, codes and researchers, agree that, if a bridge is irregular, the results obtained
from its evaluation or seismic design may not be correct.

According to the AASHTO LRFD code (2007), most common bridges are
irregular; this classification is based primarily on the relationship of mechanical
properties (pier stiffness and mass) and geometric characteristics (length of piers
and spans). Another code that addresses the concept of regularity in the analysis of
structures is the Eurocode for seismic design, EC8 (CEN 1994). This code, however,
in its section devoted to bridges, gives a vague definition of regularity with no
paragraph describing the degrees of irregularity or an index for its classification.
According to this code, the degree of regularity depends on the ductility factor, q,
i.e. the more ductile a bridge may be, the more irregular.

8.2.1 Elastic Regularity Index

These indexes are based on the hypothesis that a structure may have an irregular
behaviour even when it does not incur in the inelastic range. Elastic regularity
indexes are calculated considering only the elastic properties of the structure and
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are used to classify the structure only as regular or irregular and/or to help the
analyst decide whether a particular method of analysis is applicable (Isakovic and
Fischinger 2000; Maalek et al. 2009).

Calvi and Elnashai (1994) proposes an elastic regularity index, IR, with the
purpose of evaluating the use of seismic design methods for bridges, such as that
proposed by the EC8 (CEN 1994), as well as to provide the analyst with a fast
and simple to apply tool to classify the structure, as regular or irregular. This
regularity index combines the mode shape of the deck with the mode shapes of
the entire bridge. For its calculation, this index only considers elastic properties of
the structure and is defined by Eq. 8.1.
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where

ˆB
i : modal shape of the entire bridge structure

ˆD
i : modal shape of the deck

n: number of modes considered in the modal spectral analysis

The magnitude of the index IR varies over a range of 0–1, with a regular bridge
normally having an index close to unity, while an irregular bridge an index close to
zero. The use of the regularity index proposed by (Calvi and Elnashai 1994) when
applying the design approach of the EC8 CEN (1994) may yield designs with low
safety levels for ductile structures.

Other authors (Isakovic and Fischinger 2000; Fischinger and Isakovic 2003;
Maalek et al. 2009) have carried out extensive research on the influence of
irregularities in the seismic behaviour of viaduct-type reinforced concrete bridges
finding that the degree of regularity of a bridge varies according to parameters such
as the stiffness ratio of the deck and the piers, the torsional sensitivity (Isakovic and
Fischinger 2000), the type of supports and the relative location of the pier with the
largest stiffnesses.

Isakovic and Fischinger (2000) consider a bridge as irregular if the performance
obtained with a single mode analysis method differs from that obtained with a
conventional modal analysis. To validate the use of single mode analysis methods,
SM, for the seismic evaluation of bridges (Isakovic and Fischinger, 2000) propose an
elastic regularity “index”. This “index” is based on a comparison of the normalized
lateral deformed configuration, obtained by linear static analysis using two different
lateral load patterns.

8.2.2 Inelastic Regularity Index

Inelastic regularity indexes are based on the assumption that a structure which
responds in the elastic range cannot have an irregular behaviour; i.e. for a structure
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to show an irregular behaviour, it must enter the inelastic range. Their formulation
considers the accumulated damage in the structure calculated using nonlinear
analysis methods; however, the current definitions of inelastic regularity index do
not consider the change in mode shapes and order of participation, from one damage
state to another. The most representative inelastic regularity indexes are based on a
simple comparison of the normalized lateral deformed shapes, considering different
lateral load patterns (Isakovic and Fischinger 2000; Maalek et al. 2009).

The FRI index is based on the assumption that the degree of regularity of a
viaduct-type bridge depends on the regularity of the lateral deformed configuration
of the deck. For its definition, the normalized deformed configuration of the bridge
under study is compared with a deformed configuration totally regular obtained
from the nonlinear static analysis of the bridge deck. For the calculation of the FRI,
Eq. 8.2 is used.

FRIUL; SM D
ˇ
ˇSD � SB

ˇ
ˇ

jSDj (8.2)

where
SD: area under the normalized lateral deformed configuration from the analysis of
the deck
SB: area under the normalized lateral deformed configuration from the analysis of
the bridge

Index SRI is defined in the same way as index FRI; however, to calculate the
SRI index, the entire bridge is used to define both deformed configurations. For
the first analysis, a pushover analysis is carried out using a load pattern based on the
fundamental mode. To calculate the second deformed configuration, a load pattern
obtained from a spectral modal analysis is used. To calculate the SRI index, Eq. 8.3
is used.

SRI D
ˇ
ˇSSM � SMM

ˇ
ˇ

jSSMj (8.3)

where
SSM: area of the normalized lateral deformed shape obtained from the single mode
analysis
SMM: area of the normalized lateral deformed shape obtained from the multimode
analysis

Indexes FRI and SRI are also defined within a range from 0 to 1 and have the
same interpretation than the elastic regularity “index” proposed by Isakovic and
Fischinger (2000).

Isakovic and Fischinger (2000) propose and use an inelastic “index” with the
purpose of validating the use of the nonlinear static method, N2, for the seismic
evaluation of irregular bridges. This inelastic regularity “index” has the same
interpretation than the elastic regularity “index”, proposed by the same authors
(Isakovic and Fischinger 2000); however, to calculate it nonlinear static analyses
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are required for defining the lateral deformed configurations. The first deformed
configuration is generated using the load pattern of the N2 method. The load pattern
used to calculate the second deformed configuration is defined from the results of
the first analysis. This inelastic “index” is calculated with Eq. 8.4.
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where
;N2
i : normalized lateral displacement of point i obtained by means of the N2

method
;1i : normalized lateral displacement of point i obtained from a second pushover
analysis

8.3 Modal Regularity in the Simplified Methods of Analysis

Modal irregularity is manifested as a change in the shapes of the modes of vibration,
from one damage state to another during the response of a structure and occurs only
in the inelastic range. The degree of modal regularity can vary from a slight change
in the mode shapes to even the inversion of these shapes and their corresponding
participation factors.

Modal irregularity occurs in any type of structure responding in the inelastic
range of behaviour; however, in the case of short viaduct-type bridges, changes of
mode shapes may occur when a number of elements (piers) behave into the inelastic
range. This change in modal shapes may even be shown immediately after the first
yielding of an element, a phenomenon that rarely occurs in buildings, where modal
irregularity manifests only when the structure presents considerable damage, and
this explains why the building analysts are not normally aware and do not consider
this effect on the application of simplified methods.

Although modal irregularity is not the only factor affecting performances
calculated with simplified methods of analysis, different from those calculated with
the “exact” method, this effect can lead to completely erroneous results if not
considered in the analysis. Some of the factors which significantly affect the modal
irregularity of viaduct-type bridges are:

1. The ratio of superstructure to the substructure stiffnesses
2. The ratios of stiffnesses between different piers
3. The damage model
4. The characteristics of the seismic demand

This chapter proposes versions of modal regularity index, IRM1 and IRM2, aiming
to provide the analyst with a tool to identify, with a simple formulation, the degree
of irregularity of a structure and the elements to decide which method of analysis is
acceptable to use.
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Table 8.1 Classification of
the investigated bridges using
different regularity criteria

Regularity index

Bridge AASHTO IR Index FRI IMR

V213P Irregular 0.63 0.80 0.61 0.78
V232P Irregular 1 0.92 0.97 1

The indexes IRM1 and IRM2, defined by Eqs. 8.5 and 8.6, consider inelastic
behaviour by using modal analyses of the structure in the elastic and inelastic ranges.
They are based on the evolution of modal shapes during its inelastic response from
a damage state to another. Table 8.1 presents and compares the results of applying
different proposals for these definitions of irregularity for the two bridges analysed,
one considered as “irregular”, V213P, and the other as “regular”, V232P.
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where ˆji W normalized modal shape of mode j for event i ji W modal participation
factor of mode j for event i Sjai : spectral pseudo-acceleration corresponding to mode
j and event i.

8.4 Proposed Procedure

The procedure proposed in this section is aimed to approximate in a direct way
the nonlinear performance of a bridge-like structure subjected to a given seismic
demand, without requiring the application of any other procedure for calculating
the performance. The capacity curve of the structure is generated by a series of
successive modal spectral analyses, i.e. evolutive modal spectral analyses.

The origin of this procedure is the simplified method of seismic evaluation
proposed by Requena and Ayala (2000), based on a capacity curve calculated
with equivalent seismic forces of increasing intensity and on the performance of
a reference SDOF system. The method considers the stiffness degradation of the
structure when behaving in the inelastic range and the contribution of higher modes
of vibration, using the results of modal spectral analyses of models of the structure
updated in accordance with each damage configuration during loading.
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The procedure proposed preserves most characteristics of the original (Requena
and Ayala 2000), also including other contributions, like replacing equivalent lateral
loads by lateral displacements obtained from modal spectral analyses (Alba et al.
2005), and considering a correction for hysteretic energy dissipation under seismic
demands through an equivalent damping ratio, �eq, for each level of damage in
the equivalent SDOF system characterized by the capacity curve (Mendoza and
Ayala 2011; Cárdenas et al. 2011). This new method is aimed at the seismic
assessment of irregular viaduct-type reinforced concrete bridges by calculating
the performance of the structure directly from the independent modal capacity
curves with nonlinear behaviour branches corresponding to comparable modal
shape configurations, minimizing in such a way the ill effects of modal irregularities
on the determination of the seismic performance of the structure obtained by adding
the participation of all modes, with a modal combination rule.

8.4.1 Determination of the Seismic Performance of a Structure

The performance of a bridge is evaluated using the independent modal capacity
curves constructed with the step-by-step procedure described in the previous sec-
tion, i.e. calculating as many points in these curves as plastic hinges are sequentially
formed in the bridge. Each point is defined from a modal spectral analysis of the
structural model corresponding to each damage level. The procedure to calculate
the capacity curve involves the following steps:

1. Definition of the seismic demand: The procedure proposed allows as seismic
demands to the structure a design spectrum or a single earthquake record.

2. Definition of the capacity curves of the structural elements: The moment-
curvature diagrams of the required sections are calculated using standard
procedures.

3. Determination of the elastic branch of the capacity curve: The elastic branch of
the capacity curve is defined by the yield point (Df�Vf), corresponding to the
intensity of seismic demand producing the first damage in the structure. The
scaling factors, SF1, for each bridge pier are calculated using Eq. 8.8 where
MY is the yield moment, MG the moment due to gravity loads and MDS is the
moment produced by the unscaled seismic demand. The SF1 finally required in
the analysis is the minimum of the scaling factors calculated for each pier.

S1f D My �MG

MDS
(8.8)

4. Definition of the elastic range of the modal capacity curves: A particular
curve is defined for each mode that significantly influences the response of the
structure. The required number of modes is based on the degree of irregularity
of the bridge.



8 Modal Irregularity in Continuous Reinforced Concrete Bridges. . . 111

5. Definition of a new model for the structure: The model of the structure is
updated considering the accumulated damage of previous demand intensities.

6. Calculation of the next preliminary performance point in the corresponding
inelastic branch of the capacity curve: Once the structure enters the range of
inelastic behaviour, the next preliminary performance point of the capacity
curve is defined by the application of a scaled seismic demand, enough to
produce the next damage level. To calculate the increase in seismic demand,
Eq. 8.9 is used, where Mac is the accumulated moment.

S2f D My �Mac

MDS
(8.9)

7. Correction of the preliminary performance point in the capacity curve: The
correction of the preliminary performance point in the capacity curve to
consider the hysteretic energy dissipation is carried out using the procedure
of (Mendoza and Ayala 2011).

8. Calculation of the performance points in the modal capacity curves: To define
these points in the modal capacity curves, it is required to consider as inelastic
branches those corresponding to modal configurations similar to the elastic,
minimizing in such a way the effects of modal irregularity.

9. Calculation of the first performance point in the inelastic range: This point of
the capacity curve is calculated by applying a modal combination rule, Eq. 8.10.
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10. Calculation of the subsequent performance points associated to other damage
levels: To generate the points of subsequent performance levels in the capacity
curve, the calculation process must be continued from step 5.

The method ends when a target displacement is reached or a collapse mechanism
in the structure occurs. In Fig. 8.1, the above procedure is schematically illustrated.

8.5 Application Examples

To illustrate the influence of modal irregularity on simplified analyses and validate
the procedure proposed, two examples of viaduct-like reinforced concrete bridges
200 m long, divided into four spans of 50 m each are considered. The first bridge,
V232P, considered “regular” (Calvi and Elnashai 1994; Isakovic and Fischinger
2000; Maalek et al. 2009) and the second, V213P, considered “irregular” (Calvi
and Elnashai 1994; Isakovic and Fischinger 2000; Maalek et al. 2009). The letter
“V” indicates the type of bridge, viaduct; the letter “P” indicates the type of support
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on the bridge abutments, pinned support, and the intermediate numbers, VxxxP,
indicate the relationship between pier heights (Fig. 8.2). Tables 8.2, 8.3, 8.4 show
the mechanical properties of the materials and the geometrical and mechanical
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Table 8.2 Mechanical
properties of the materials

f 0

C .MPa/ EC (MPa) �C (kN/m3)

Deck 27 25,000 25
Pier 27 20,000 25

Table 8.3 Geometric and mechanic characteristics of the decks, V213P y V213P

Deck A (m2) IX (m4) M1 (kN) M2 (kN) M3 (kN) M4 (kN)

Box beam 6.97 88.46 1654.3 2018.3 2382.3 1290.3

Table 8.4 Geometric and mechanic characteristics of the substructures

Transversal section

Substructure Pier MY (kN-m) MY (kN-m) A (m2) IX (m4)

C1-V213P 51,100 31,150
Strong C2-V213P 30,500 51,100 0.16 7.39

C3-V213P 31,150 30,500
C1-V232P – –

Weak C2-V232P 75,200 51,100 0.16 2.21
C3-V232P 39,160 30,500

Time (s)

A
g 

m
/s

2

Fig. 8.3 Seismic record used in the evaluation of the bridges studied

characteristics of the decks and the piers of the bridges used as examples. The decks
of both bridges are considered to behave elastically, even though the structures are
subject to demands of considerable magnitude. Inelastic behaviour is considered to
occur only in the piers.

8.5.1 Seismic Demand

The demand used in the evaluation of seismic performance of the examples is the
EW component of the Takatori Station record of the 17 January 1995 earthquake in
Kobe, Japan (see Fig. 8.3). To carry out the evolutive modal spectral analyses, the
commercial structural analysis program SAP2000, (CSI 2000), was used, and for
the incremental dynamic analyses, IDA, the program DRAIN 2DX (Prakash et al.
1992).
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Fig. 8.4 (a)–(c) Modal shapes of the bridges

8.5.2 Detection of Modal Irregularity in Viaduct-Type Bridges

To show that modal irregularity can occur in viaducts with vibration periods close
to each other, and when the modes that contribute most to the total response of the
structure change their shape when passing from one damage state to another during
their inelastic response, two reinforced concrete viaduct-type bridges are analysed
calculating their degree of irregularity.

Figure 8.4a–c shows the results obtained from the modal analysis of the V232P
and V213P bridges for different damage states. Two different damage models were
considered, the first introducing plastic hinges at the bases of the piers of the
substructure and the second introducing a stiffness degradation at the bases of the
pier elements; modal analyses were also performed considering two different values
of the lateral stiffness of the substructure.
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Bridge V232P
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Fig. 8.5 Capacity curve of
the bridge, V232P, without
correction for dissipation of
hysteretic energy

Figure 8.4a shows that using a simple model to represent damage (plastic hinges)
in the assessment of structures using simplified methods can lead to structures with
a high degree of irregularity, in particular for short viaducts. Figure 8.4b shows that
decks of high stiffness when compared to the stiffness of the substructure produce
unacceptable degrees of irregularity; if the pier with the highest contribution to
the lateral stiffness is damaged, a structure with a high degree of irregularity may
result, regardless of the relationship between the stiffnesses of the decks and piers.
Figure 8.4c shows that viaducts regular in geometry, length and pier stiffnesses have
a lower degree of irregularity than irregular viaducts.

8.5.3 Performance Evaluation of the Investigated Examples

To validate the procedure proposed study, the behaviour of one bridge, V232P,
subjected to a given seismic demand is investigated. Their capacity curves were
generated using the two options, one with correction for hysteretic energy dissipa-
tion (Mendoza and Ayala 2011) and the other without it and the IDA. To determine
the effectiveness of the simplified methods of analysis, their capacity curves are
compared with those obtained considered as “exact”, calculated with the IDA.

Figure 8.5 shows a comparison of the capacity curves for the viaduct V232P,
obtained without the correction for hysteretic energy dissipation, and the IDA. In
this figure, it may be observed that the displacements of the characteristic point
chosen to plot the capacity curve do not correspond, for the same intensity of seismic
demand, to the IDA displacements; i.e. the capacity and the IDA curves are similar
in form but the performances are different.

Figure 8.6 shows the capacity curves for the V232P bridge obtained by the sim-
plified method but now considering a correction for hysteretic energy dissipation,
in accordance with the procedure proposed (Mendoza and Ayala 2011), SM, and
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the IDA. This figure shows similar magnitudes of displacements in correspondence
with the same intensity of the seismic demand; i.e. the performances calculated by
both methods are comparable.

8.6 Conclusions

This chapter presented the preliminary results of an ongoing investigation on
the modal irregularity occurring in structures, particularly viaduct-type bridges,
discussing its undesirable effects on the approximate methods of seismic evaluation
and proposing an alternative approximate evaluation procedure which eliminates
these effects. The procedure is based on basic approximations of structural dynamics
concepts used to sequentially correct the capacity curve for dissipation of energy due
to hysteresis by considering equivalent damping ratios. To illustrate the potential
of the procedure proposed, the details of each step involved in its application are
presented.

From the analysis of the contents of this chapter, the following conclusions may
be extracted:

1. The regularity indexes proposed in this chapter may be used to support the
analyst in deciding whether the simplified methods of analysis are suitable for
the evaluation of one bridge in particular.

2. The geometric characteristics of a bridge are not always the only parameters, and
rarely the most appropriate, needed to define the degree of modal irregularity of
a viaduct-type bridge, as this irregularity also depends on other factors such as
the characteristics of the damage under seismic demand intensities.

3. To determine the degree of modal irregularity, it is necessary that the structure
under evaluation incurs the nonlinear range of behaviour. Considering that in the
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linear range there is an exact correlation between performance and intensity of
the seismic demand for a simplified method and the corresponding “exact” IDA,
the degree of irregularity for bridges responding in the elastic range must be
investigated from a different viewpoint to that followed in this chapter.

4. The use of the lateral deformed configuration as the most important characteristic
to measure the degree of modal irregularity of a bridge structure may lead to
unreliable results, as in general, this lateral deformed configuration is calculated
using a conventional modal combination rule which approximation has been
tested on the evaluation of the seismic performance of buildings and not as much
on the evaluation of bridges.
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Chapter 9
Influence of Infill Panels on the Seismic
Response of Existing RC Buildings: A Case
Study

Marco Tanganelli, Stefania Viti, Mario De Stefano, and Andrei M. Reinhorn

Abstract An analytical evaluation of the seismic response of irregular RC build-
ings with infill panels designed without considering modern seismic provisions is
presented in this chapter. Many RC buildings have been built in the 1960s and
1970s in Italy (and many other countries), before the seismic code was issued.
Such buildings are usually irregular, due to mass and stiffness distribution, and
they exhibit torsional effects when subjected to horizontal loads. One of the factors
contributing to the torsional effects is the infill panels built on the perimeter of
structures. Usually there is no discontinuity between the structure and the infill,
so that the stiffness of the structure is largely affected by the distribution of the infill
walls that can be irregular both in plan and in elevation. This work presents the effect
of masonry infill in the seismic response of precode RC buildings. A numerical
analysis has been performed on a case study, simulating the seismic response of the
structure, including masonry infill panels. The case study of an existing building,
rectangular in plan, having a mild mass eccentricity and an irregular distribution of
infill panels, and, therefore, a different eccentricity at each storey is selected for the
evaluation. The seismic performance of the building has been evaluated comparing
the seismic response with the limit conditions provided by Italian Technical Code,
both in terms of interstorey drift and shear capacity. The seismic response of the
case-study building is satisfactory in respect to deformation parameters (chord
rotation, top displacement, interstorey drift) but exhibits an unacceptable amount
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of shear in some of the elements, experiencing “short-column” failures. A possible
solution for the problem is proposed, by removing some of the partial infill panels,
in order to reduce the shear concentration demands and eccentricity.

9.1 Introduction

Irregular RC buildings are an important part of the Italian modern constructions. In
fact, there has been a peak in the construction activity in the years 1960 and 1970,
before the seismic technical code was issued (Legge 2/2/1974 n. 64 1974). Many
existing buildings, therefore, have been constructed without considering horizontal
earthquake loads at all. As a result, there are numerous buildings (D’Ambrisi et al.
2010) with irregularities both in plan and in elevation not considered in the design.

While demolition and reconstruction would be the best solution for the above-
mentioned buildings, cost constrains prevent such solution. Retrofitting and upgrade
of the buildings is not a convenient approach either, since it would be expensive
without providing the advantages of new constructions (existing building is not
adequate for equipment, energy saving, etc.). Therefore, the most convenient
improvement of the seismic performance should be very simple and inexpensive,
and, possibly, it should not require any interruption of buildings’ functions.

In this work, the effect of the masonry infill on the seismic response of existing
RC-framed buildings is evaluated. In these buildings, in fact, the infill panels made
of traditional masonry are built without any discontinuity with the structural frame,
affecting the seismic response of the entire structure. An irregular distribution
of infill panels can induce, however, also torsional effects in otherwise regular
structures.

A case study is considered, for an existing building in a hospital complex, having
a high priority for the seismic protection. The structure has some mild irregularities
due to a nonsymmetric distribution of columns in plan. The masonry infill panels
built tight in the RC frames have an irregular distribution in plan of the building,
inducing a different eccentricity between the stiffness and mass centers at each
storey. Such plan irregularity is coupled to vertical irregularities at each floor due
to short columns construction when using partial infill panels, that is, infill panels
not covering the whole storey height. Indeed, this situation occurs quite often, since
the short infill panels are a common way to introduce horizontal window spaces in
the external walls without interrupting the curtain walls. Horizontal windows have
been extensively used in the Italian architecture and other countries constructed in
the 1970s.

Seismic performance of the building has been evaluated by comparing the
seismic response of the building, neglecting and including the infill panels, with
the limit conditions provided by Italian Technical Code (Norme Tecniche delle
Costruzioni 2008; D.M. 14 Gennaio 2008) for interstorey drift and shear capacity.
The analysis shows that, due to the partially infill panels, the limit shear capacity
(required by the code) is exceeded in short columns even when the entire building
system is still in the elastic range.
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A possible way to improve the seismic performance of the structure is proposed,
consisting of the replacement of some of the infill panels, in order to avoid short
columns and shear concentration. The proposed modified feature of the panels has
even the effect of reducing the eccentricity between mass and stiffness centers in
plan.

9.2 Case Study

The case study, shown in Fig. 9.1, is a 3-storey RC-framed building built in 1978.
Since the structural design was made in 1972, the applied technical codes (D. Pres.
Rep. Del 25/011962 n 1684; Legge 5/11/1971 n 1086) were not adequate to provide
seismic safety according to the current standards. The building is part of a hospital
complex, so it is classified in class of use IV (strategic buildings).

The column’s position is symmetric only in the x-direction, where there are two
bays having equal spans (3.15 m). In y-direction, the two bays have different spans,
of 3.35 and 6.35 m, respectively. Each interstorey height is 3.62 m.

The concrete has a strength class of Rck 250 (fc D 20 MPa), while the steel used
for the reinforcement is FeB38k (fy D 380 MPa). All the beams have the same
geometry (30 � 60 cm), while the column cross sections, oriented along the y-
direction, vary between 30 � 50 cm at the first storey and 30 � 35 at the third storey.
The RC structure has been modeled by means of the fiber model implemented in
Seismostruct (2011).

Three of the sides of the building have infill panels with different geometrical
features. Panels are made of hollow brick masonry, with void percentage<45%, and
their mechanical characteristics, taken from NTC2008, are presented in Table 9.1
along with their geometrical characteristics.

Figure 9.2 shows the computational model implemented in Seismostruct (2011)
to determine the infill panel behavior.

Gfloor
Gmasse

K

1 2 3

4 5 6

7 8 9
X3

X2

X1

Y1 Y2 Y3

Fig. 9.1 Case study plan and 3D views
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Table 9.1 Geometrical and mechanical properties of the infill panels

Geometry of panels

Material x1 side x3 side y3 side

Strength 4 MPa L H L H L H
Stiffness 3,600 MPa PT 2.85 1.2 2.85 2.6 5.85–2.85 3.0
Thickness 30 cm 1P 2.85 1.2 2.85 1.2 5.95–2.95 3.0
Model Strut and shear 2P 2.85 1.2 2.85 1.2 6.0–3.0 3.0

Compression/Tension Struts
Xoi

Yoi

hz

1

4 3

dm

Internal node

Dummy node

Active (compression)

De-active (tension)

2

Shear Strut

Fig. 9.2 Assumed model for the infill panels (By Seismostruct 2011)

9.3 Evaluation of the Seismic Performance of the Structure

9.3.1 Seismic Analysis

The seismic response of the structure has been determined by performing a nonlin-
ear static analysis (Viti et al. 2006; Reinhorn 1997), based on spectral description
of the seismic demand and capacity of the structure. The spectral capacity of the
case study has been found by assuming two different horizontal patterns for the
inertial forces, according with the NTC2008 provisions, that is, forces proportional
to masses (mass-proportional distribution) and forces proportional to the product of
masses and height (inverse-triangular distribution), respectively.

In order to apply the spectral analysis, an equivalent SDOF system has been
defined, according to the N2 method (Fajfar 1999).

9.3.2 Seismic Excitation in the Evaluation

In the analysis, the elastic spectrum provided by NTC2008 for the specific site of
the building has been assumed as seismic input. In Table 9.2, the main information
of the elastic spectrum assumed for the case study has been listed, while Fig. 9.3
shows the elastic response spectra, expressed in terms of spectral displacement
versus spectral acceleration, for the considered limit states.



9 Influence of Infill Panels on the Seismic Response of Existing RC. . . 123

Table 9.2 Data related to seismic input of the case study

PGA

Soil type Class of use Nominal life SLO SLD SLV SLC

B IV 50 years 0.118 g 0.148 g 0.322 g 0.379 g
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Fig. 9.3 Elastic composite response spectra used in evaluation

9.4 Limit States

The assumed response parameters are the top displacement (TD), that is, the lateral
displacement of the target point at the top level, the interstorey drift (ID), and the
shear force (V), measured at each column line of the structure.

The limit states described by the Italian Code (Circ. Min. 2009) have been
considered in checking the seismic performance of this case study.

9.4.1 Limit States Assumed for Interstorey Drifts

The limit states assumed for the interstorey drift have been defined as a function of
the chord rotation. NTC2008 quantifies the ultimate rotation, �u through Eq. 9.1:

�u D 1

�el
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The limit rotations assumed to define the ultimate limit states have been quan-
tified as a function of �u. In particular, the rotation values assumed, respectively,
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Table 9.3 Limit values of interstorey drift (%) in columns

SLO SLD SLV SLC

1st st. 2nd st 3rd st. 1st st. 2nd st 3rd st. 1st st. 2nd st 3rd st. 1st st. 2nd st 3rd st.

x-direction 0.33 0.33 0.33 0.5 0.5 0.5 1.9 2.1 2.3 2.5 2.7 3.0
y-direction 0.33 0.33 0.33 0.5 0.5 0.5 2.2 2.3 2.4 2.9 3.0 3

as the collapse prevention limit (SLC, according with the acronym adopted in the
Italian code), �SLC, and as the life safety limit (SLV in the Italian code), �SLV, have
been defined according with Eqs. 9.2 and 9.3:

�SLC D 0:85 � �u (9.2)

�SLV D 0:75 � �SLC (9.3)

The interstorey drift limits for the ultimate limit states (SLV, SLC) have been
calculated by assuming, for each element, a shear span equal to half length, that is,
neglecting the effect of vertical load in the definition of the inflection point of the
element.

The limit values of interstorey drift for the operational limit states (SLO, SLD)
have been assumed according to the code provisions, that is, 0.5% for the SLD and
2/3 of such values for the SLO. The assumed values for interstorey drifts have been
listed in Table 9.3.

9.4.2 Limit States Assumed for Shear Capacity

Shear limit states’ values provided by NTC2008 for reinforced concrete elements
have been assumed as limit conditions for both columns and beams of the case
study. The shear limit is described by the following expressions:

VRd D min .VRsd; VRcd/ (9.4)

VRsd D 0:9d � asw

s � fyd
.ctg ˛ C ctg �/ sin � (9.5)

VRcd D 0:9 d � bw � ˛c � f 0
cd � .ctg˛ C ctg �/

.1C ctg �/
(9.6)

where ˛ is the angle between the element axis and the shear reinforcement and �
is the angle between the element axis and the compressed truss. Depending on the
amount of the angle � assumed, ranging between 21.5ı and 45ı, the limit shear can



9 Influence of Infill Panels on the Seismic Response of Existing RC. . . 125

Table 9.4 Shear capacity limit (N) in the columns

Limit state � D 45ı (cotg � D 1.0) � D 21.5ı (cotg � D 2.5)

Column level 1st st. 2nd st 3rd st. 1st st. 2nd st 3rd st.

x-direction 40,100 40,100 40,100 100,400 100,400 100,400
y-direction 69,900 55,000 47,600 174,700 137,500 119,000

Table 9.5 Shear capacity (N) limit in the beams

Beam specification � D 45ı (cotg � D 1.0) � D 21.5ı (cotg � D 2.5)

x-direction, inside 84,800 211,900
x-direction, side 84,800 211,900
y-direction, span D 6.35 m 84,800 211,900
y-direction, span D 3.15 m 84,800 211,900

vary substantially. Tables 9.4 and 9.5 show the values of shear limit states obtained,
for columns and beams, respectively, for the two values of � .

It has been noted that an inclination of 21.5ı between the compressive truss
and the element axis seems inadequate, especially for columns. Most part of
international codes suggest to consider, as shear limit, the value corresponding
to � D 45ı, with the addition of the contribution of the tensile concrete. In this
work, both of the above limit state values of � provided by NTC2008 have been
considered.

9.5 Results

9.5.1 Eccentricity in the Structural System

The eccentricity of each storey has been evaluated by comparing the mass and the
stiffness centers in the two directions, for the bare frame (FR) and for the frame
including the infill contributions to the stiffness (FR_IN).

Positions of (stiffness) rigidity centers in the building, at each floor level, have
been found by applying an approximate procedure, as its rigorous definition for
multistorey buildings cannot be achieved, except for some special cases. The
capacity curves for the 2D structure’s frame have been determined in the two
directions, and from them, the lateral stiffness has been calculated at each level
as the ratio between floor shear and the corresponding interstorey drift. Once values
of lateral stiffness have been obtained at one floor, the location of center of rigidity
(also known as center of stiffness) has been determined.

Two alternative horizontal force patterns, one mass-proportional and the other
inverse-triangular, have been considered while determining the capacity curves.
Table 9.6 lists the positions of the centers of rigidity obtained, together with the
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Table 9.6 Position of mass and rigidity centers and their eccentricities

Rigidity (stiffness) center

FR FR_IN

Mass center Mass-prop. Static-prop Mass-prop. Static-prop
Xm Ym XK YK XK YK XK YK XK YK

1 3,509 4,963 3,274 5,129 3,267 5,126 3,714 7,147 3,709 7,125
2 3,515 4,957 3,208 5,146 3,227 5,182 3,400 5,007 3,485 4,993
3 3,302 4,918 3,144 5,161 3,149 5,213 3,360 4,998 3,354 5,001

Eccentricity

FR FR_INGlobal
dimensions Mass-prop. Static-prop Mass-prop. Static-prop

LX LY ex (%) ey (%) ex (%) ey (%) ex (%) ey (%) ex (%) ey (%)

1 6,300 9,700 3.7 �1.7 3.8 �1.7 �3.3 �22.5 �3.2 �22.3
2 6,300 9,700 4.9 �1.9 4.6 �2.3 1.8 �0.5 0.5 �0.4
3 6,300 9,700 2.5 �2.5 2.4 �3.0 �0.9 �0.8 �0.8 �0.9
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Fig. 9.4 Capacity curves for the mass-proportional horizontal pattern

corresponding eccentricities with respect to the mass centers as percentages of the
global floors dimensions.

9.5.2 Capacity Curves and Seismic Response of the Structure

Figures 9.4 and 9.5 show the capacity curves obtained for the case study (with and
without the infill panels contribution) in the main directions for the two horizontal
load patterns.

The values of the target displacements obtained for the assumed limit states for
the two horizontal patterns considered are shown in Tables 9.7 and 9.8 for the bare
frame and the frame with infill panels.
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Fig. 9.5 Capacity curves for the inverse-triangular horizontal pattern

Table 9.7 Target top displacement (FR)

Mass-prop pattern Inverse-triangular pattern
SLO SLD SLV SLC SLO SLD SLV SLC

x-direction 22.1 28.3 69.0 84.2 28.8 36.8 89.7 109.7
y-direction 17.2 21.9 53.6 65.5 22.5 28.8 70.3 85.6

Table 9.8 Target top displacement (FR_IN)

Mass-prop pattern Inverse-triangular pattern
SLO SLD SLV SLC SLO SLD SLV SLC

x-direction 17.9 22.9 56.0 68.1 24.2 31.1 75.6 92.2
y-direction 14.4 18.5 44.9 55.0 19.4 25.0 61.1 74.4
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Fig. 9.6 Top displacement plan distribution (mass-proportional horizontal pattern)

Figures 9.6 and 9.7 show the plan-wise trend of the maximum top displacement
along the two main directions of the structure. It has to be noted that, for both the
assumed horizontal patterns, in the y-direction, the infill panels induce a change
in the torsional behavior of the building. In fact, the rigid side moves from the y1
column line when the panels are neglected to the y3 column line when they are
included in the analysis.
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Fig. 9.7 Top displacement plan distribution (inverse-triangular horizontal pattern)
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Fig. 9.8 Maximum interstorey drift (mass-proportional horizontal pattern)

9.5.3 Capacity Curves and Seismic Response of the Structure

The interstorey drifts for the two directions are determined at the flexible side only,
that is, for the elements where the maximum top displacement is found. Figures 9.8
and 9.9 show the values of the maximum ID obtained in the two directions for the
two considered horizontal patterns.

It can be seen that the structure achieves larger interstorey drift in x-direction. The
drift of the FR model is larger than those of the FR_IN in all performed analyses. In
fact, the infill panels are still in service when the target displacements are achieved
for all the limit states considered.
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Fig. 9.10 Maximum shear demands in the columns (constant horizontal pattern)

9.5.4 Capacity Curves and Seismic Response of the Structure

Shear stress demands in the elements were checked at each step of the analysis
performed. In Figures 9.10, 9.11, 9.12, and 9.13, the maximum shear demands in
each element are compared with the correspondent limit as required by NTC2008.
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Fig. 9.11 Maximum shear demands in the columns (inverse-triangular horizontal pattern)
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Fig. 9.12 Maximum shear in the beams (mass-proportional horizontal pattern)

As indicated above, the lower limit of the shear capacity corresponding to 45ı
angle of inclination of the compressed truss is very low, since the contribution of
the tensile elements of the truss is completely neglected.

The higher value of the shear limit state is further considered as the effective
limit. Figures 9.10 and 9.11 show that the shear demand in some columns exceeds
also the effective limit state, when the infill panels are included in the analysis. It
can be noted that the columns with larger shear demand are those located in the
first storey of the frame x3, where the partial infill panels are placed. In fact, these
columns have an effective shear span much shorter than their height, forcing them
to behave like “short columns.”
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Fig. 9.13 Maximum shear in the beams (inverse-triangular horizontal pattern)

9.6 Suggested Improvement of Structure

A possible retrofit strategy is proposed for the case study, in order to improve its
seismic performance, reducing the shear demand, which is the only parameter that
does not fit the technical requirements due to partial infill panels along the short
sides of the building.

The proposed variation consists in the replacement of the short curtain walls,
placed along x1 and x3 column lines, with alternative panels made of the same
material but spanning the entire height with a vertical space for windows or doors.
The proposed variation still permits the introduction of windows in all spans of the
frames, and it does not change the building architecturally and functionally.

The new infill panels have the same height of the storey and do not induce short-
column problems. In order to further improve the seismic response of the building,
the panels introduced in the short sides have a width smaller than frame spans, thus
reducing also the mass eccentricity in x-direction.

The capacity curve of the proposed structure in the x-direction is shown in
Figure 9.14, together with those of the original structure, with and without infill
panels. The spectral demands and all the limit states are shown in the same figure,
for the specific structures.

The seismic response of the structure, in terms of interstorey drift, is in all cases
smaller than the limit states considered. It can be seen that the maximum shear
demand for all the models considered exceeds the lower limit (� D 45ı) required by
NTC2008, while only the model with the short infill panels (FR_IN) exceeds even
the higher limit (� D 21.5ı). It has been observed that the maximum shear demand
exceeds the ultimate shear limit in the FR_IN model well before the global structure
yields.

The shear demand in the model representing the proposed retrofitted structure,
FR_MOD, remains below the ultimate shear limit state, fulfilling all the require-
ments of the current code.
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Fig. 9.14 Comparison between spectral capacity and limit states (x-direction)

9.7 Remarks and Conclusions

This chapter shows that the presence of infill panels and their distribution in plan of
the building affect substantially the seismic performance in both lateral and torsional
directions. In fact, the partially infilled walls may produce both mass and stiffness
eccentricities. In particular, when “short-column” behavior occurs, the failure of
columns reduces the lateral resistance and rigidity, often asymmetrically in the
structure, leading to horizontal torsion.

In spite the torsional effects, the contribution of the infill of frames is extremely
important since it reduces overall displacements and drift below the level of
development of cracks in the main structural elements, as shown in the case study,
for the strong seismic excitation.

As shown also in the case study, the increase of shear forces in the “short
columns” near the partial infill bays of the frames leads to local damage. The
increased shear in the “short columns” exceeds the limit capacity required by the
modern Italian Technical Code.

In order to improve the seismic performance of such structures, the short infill
panels causing the increased shear in the “short columns” can be replaced with
alternative panels, having the same height of the storey, as shown in the case study.
Additionally, since a proper geometrical distribution of the replacement infill panels
can be used, the eccentricity of the structure in x-direction can be decreased, with
further benefits in the seismic response of the structure.
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Chapter 10
Physically Based Prediction of the Maximum
Corner Displacement of One-Storey
Eccentric Systems

Tomaso Trombetti, Stefano Silvestri, Giada Gasparini, and Michele Palermo

Abstract This chapter gives a new insight into the dynamic behaviour of one-storey
eccentric systems, with particular attention devoted to provide a comprehensive
physically based formulation of the maximum corner displacement amplification,
which involves three contributions (translational response, torsional response and
their combination). It is shown that the largest amplifications, which mainly occur
for the class of torsionally flexible systems, are due to the translational contribution
through to the shift in the fundamental period of the eccentric system with respect
to the one of the equivalent not-eccentric system. A simplified method for the
estimation of the maximum corner displacement based on the physical properties
of the system is finally obtained.

10.1 Introduction

Since the late 1970s, it is known that structures characterised by noncoincident cen-
tre of mass and centre of stiffness, commonly defined as eccentric (or asymmetric)
systems, when subjected to dynamic excitation develop a coupled lateral-torsional
response that may considerably increase their local peak response, such as the corner
displacements (Kan and Chopra 1977a, b; Hejal and Chopra 1987; Lu and Hall
1992; Naeim and Kelly 1999; Tso 1990).

In order to effectively apply the performance-based design approach to seismic
design, there is a growing need for code-oriented methodologies aimed at predicting
deformation parameters. Thus, the estimation of the displacement demand at
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different locations, especially for eccentric structures, appears a fundamental issue.
Furthermore, the ability to predict the torsional response of eccentric systems can
be also useful to improve the capability of one of the most actually used seismic
design approaches (i.e. push-over analysis (Perus and Fajfar 2005)).

Since the early 1990s, Nagarajaiah et al. (1993), investigating the torsional
coupling behaviour of base-isolated structures, observed that, for the specific class
of torsionally stiff asymmetric structures, the maximum centre mass displacement
can be well approximated by the maximum displacement of the equivalent not-
eccentric system.

In previous research works (Trombetti 1994; Trombetti and Conte 2005; Trom-
betti et al. 2008a, b, c), the authors identified a structural parameter, called
“alpha”, capable of measuring the attitude of one-storey asymmetric systems to
develop rotational responses and proposed a simplified procedure, called “Alpha
method”, for the estimation of the maximum torsional response. In its original
formulation, the “Alpha method” was based on the aforementioned assumption
of equal maximum displacement response between the eccentric system and the
equivalent not-eccentric system.

The objective of this chapter is to provide a more comprehensive investigation
on the dynamic properties of one-storey eccentric systems, with specific focus
on the class of the so-called torsionally flexible systems, which showed a greater
attitude in developing consistent corner displacement amplifications (Trombetti
et al. 2008b, c).

10.2 Problem Formulation

Let us consider the one-storey eccentric structure (i.e. a system characterised
by noncoincident centre of mass, CM, and centre of stiffness, CK) displayed in
Fig. 10.1 (the origin of the reference system is located at CM). It is assumed
that the diaphragm is infinitely rigid in its own plane, and that the lateral-resisting
elements (e.g. columns, shear walls) are massless and axially inextensible. The self-
torsional stiffness (k� ) of each lateral-resisting element is also neglected. Under this
assumption, the following three degrees of freedom are assumed: (1) longitudinal
centre mass displacement, uy,CM; (2) transversal centre mass displacement, ux,CM;
and (3) centre mass rotation, u� ,CM, which coincides with the floor rotation, u� . The
system is subjected to a one-way dynamic excitation (e.g. free vibrations or seismic
input) along the longitudinal direction (namely, the y-direction).

From simple trigonometric relationships, with reference to the plan view of
the system given in Fig. 10.1, the longitudinal corner side displacement, i.e. the
displacement of the flexible side of the system (e.g. point B, the farther from CK),
uy,B, at any generic instant t, is given by:

uy;B.t/ D uy;CM.t/ � u� .t/ � L
2

(10.1)
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Fig. 10.1 Plan view of the in-plane eccentric system with the indication of the degrees of freedom

Estimating the corner displacement according to Eq. 10.1 requires the develop-
ment of time-history analyses. Nevertheless, the practical engineer is interested in
the absolute maximum value, uy,B,max, of the corner displacement response history.
Thus, the main purpose of this research work is to provide a simple formula for the
evaluation of uy,B,max, starting from:

uy;B;max D uy;CM;max ˚ u�;max � L
2

(10.2)

which highlights that the maximum corner displacement depends on the following
three contributions:

• Translational contribution, as given by the maximum absolute displacement
response uy;CM;max of the centre of mass (see Sect. 4)

• Torsional contribution, as given by the product of the maximum absolute
rotational response u�;max and the lever arm L/2 (see Sect. 5)

• Combination of the translational and torsional contributions of above, as indi-
cated by symbol ˚ (see Sect. 6)

Manipulation of Eq. 10.2 leads to:

uy;B;max D uy;CM;max;N�E � uy;CM;max

uy;CM;max;N�E

�

1˚ u�;max

uy;CM;max
� L
2

�

(10.3)

Introducing:

• ı D uy;CM;max

uy;CM;max;N�E
, which indicates the centre mass displacement amplification

with respect to the equivalent not-eccentric system (N-E)
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• A � ˛u D 
m � u�;max
uy;CM;max

, which indicates a rotational parameter (
m is the mass
radius of gyration of the system)

• B, which is a parameter of simultaneity accounting for the time combination of
the translational and torsional contributions

• � D L
2
m

D
r

3.L=B/2

1C.L=B/2 which indicates a shape factor of the system

The following expression is obtained:

uy;B;max D uy;CM;max;N�E � ı � .1C A � B � ˛u � �/ (10.4)

10.3 The Eccentric System and Its Dynamic Properties

10.3.1 The Equations of Motion

Under the following additional assumptions:

• The total lateral stiffness k of the system is the same along the x- and the y-
direction (i.e. k D kx D ky, where kx and ky are the translational stiffness along the
x- and the y-direction, respectively).

• The rotational response u� developed under dynamic excitation is small enough
to allow the approximation u� Š sin .u� / Š tan .u� /.

• The longitudinal eccentricity is equal to zero (i.e. Ey D 0). This case, for any
given transversal eccentricity Ex, maximises the rotational response of the system
in free vibrations (Trombetti and Conte 2005).

The dynamic coupled lateral-torsional response of the system under considera-
tion (Fig. 10.1) is governed by the following set of coupled differential equations
of motion (Trombetti and Conte 2005), written in a reference system with origin
located at CM:

m

2

6
4

Rux.t/
Ruy.t/

m Ru� .t/

3

7
5C ŒC �

2

4

Pux.t/
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5Cm!L
2
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1 0 0
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p
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� C 12e2x

3

7
5

2

4

ux.t/

uy.t/


mu� .t/
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(10.5)

In Eq. 10.5, m is the mass of the system, ex D Ex/De is the relative eccentricity
(hereafter it will be simply indicated as e), De is the equivalent diagonal equal
to 12
m, �� D !�=!L is a dimensionless parameter that measures the torsional
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Fig. 10.2 (a) The graphical representation of the normalised natural frequencies versus e and�� .
(b) The graphical representation of the normalised natural periods versus e and ��

flexibility of the system (!L and !� are the uncoupled translational natural
frequency of vibration and the uncoupled torsional natural frequency of vibration,
defined in a reference system with origin located at CK, respectively), and [C] is the
damping matrix (classical damping is assumed).

The parameter�� represents a physical property of the eccentric system, leading
to the following two classes: (1) torsionally stiff systems, �� � 1:0, and (2)
torsionally flexible systems, �� < 1:0.

10.3.2 The Eigenproblem

The solution of the eigenvalues problem governing the undamped free vibrations of
the system gives the following closed-form expressions of natural frequencies !1,
!2, !3, normalised with respect to the uncoupled longitudinal frequency !L and
squared (Trombetti and Conte 2005):

�1 D
�
!1

!L

�2

D 1

2

�

1C�2
� C 12e2 �

q



�2
� C 12e2 � 1�2 C 48e2

�

�2 D
�
!2

!L

�2

D 1

�3 D
�
!3

!L

�2

D 1

2

�

1C�2
� C 12e2 C

q



�2
� C 12e2 � 1�2 C 48e2

�

(10.6a,b,c)

Figure 10.2a plots the normalised natural frequencies versus e and �� showing
that (1) !2 D!L, (2) !1 is generally close to !L and (3) !3 can be quite larger
than !L.
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The solution of the eigenproblem also provides the following vibration mode
shapes (eigenvectors):
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5 (10.7)

The first and third modes of vibration are coupled modes (i.e. translational
component in y-direction coupled with a torsional component), whilst the second
mode is purely translational in x-direction, due to the assumption of null eccentricity
in y-direction.

From Eq. 10.6a,b,c, the expressions of the natural periods of vibration, nor-
malised with respect to the uncoupled lateral period TL, can be obtained:

T1

TL
D 1
s

1
2

�

1C��
2 C 12e2 �

q



��
2 C 12e2 � 1

�2 C 48e2
�

T2

TL
D 1

T3

TL
D 1
s

1
2

�

1C��
2 C 12e2 C

q



��
2 C 12e2 � 1�2 C 48e2

�
(10.8a,b,c)

Figure 10.2b plots the graph of the natural periods of vibration, normalised with
respect to TL versus e and �� . Inspection of the graph shows that (1) T2 D TL

for all values of e and �� , (2) torsionally stiff systems are characterised by a
fundamental period T1 close to TL and by a third period T3 quite smaller than TL and
(3) torsionally flexible systems are characterised by a fundamental period T1 that
can achieve value also larger than 5 times TL and by a third period T3 close to TL. It
will be shown that the consistent increase of the fundamental period, here defined as
“period shifting”, strongly affects the displacement response of torsionally flexible
systems.

10.3.3 The Modal Contribution Factors

In order to understand how each mode of vibration contributes to the dynamic
response of the system, the closed-form expressions of the modal contribution
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factors MCFi, i D 1,2,3, activated by a dynamic input characterised by influence
vector f0,1,0g (i.e. input only along the y-direction), have been derived:

MCF1 D 1

1C
�
�1�1p
12

	2

MCF2 D 0

MCF3 D 1

1C
�
�3�1p
12

	2
(10.9a,b,c)

Figures 10.3 plots the modal contribution factors versus e and �� . Inspection of
the graph leads to the following observations:

• MCF2 D 0 for all values of e and �� results from the assumptions of null
eccentricity in the y-direction and influence vector along the y-direction.

• Torsionally stiff systems are principally governed by the first mode of vibration
T1 that, as showed in the previous section, is close to the second period of
vibration, T2, which in turn is equal to the uncoupled lateral period, TL.

• Torsionally flexible systems with small eccentricity (e< 0.1) are mainly gov-
erned by the third mode of vibration that is approximately equal to TL; torsionally
flexible systems with high eccentricity (e> 0.3) are substantially governed by the
first mode of vibration that may be considerably higher than TL; for torsionally
flexible systems characterised by eccentricity e comprised between 0.1 and 0.3
both the first, T1, and third, T3, natural periods of vibration contribute to the
dynamic response of the system.
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10.4 The Maximum Longitudinal Centre Mass Displacement
Response

In the case of seismic excitation, the maximum centre mass displacement can be
predicted using the SRSS modal combination rule (Chopra 1995):

uy;CM;max Š
v
u
u
t

3X

iD1
.Sd.Ti / � MCFi /2 (10.10)

where Sd(Ti) indicates the spectral displacement response as evaluated for period Ti.
Under the assumption that Sd(T) is a linear function of the period T,

Sd.T / D ' � T (10.11)

where ' represents the angular coefficient in the response spectrum diagram,
Eq. 10.10 becomes:

uy;CM;max Š 'TL

s

MCF1
�1

2

C MCF22 C MCF3
�3

2

(10.12)

Equation 10.12 allows to obtain the following closed-form expression of the
centre mass displacement amplification, ı, as a function of e and�� :

ı D uy;CM;max

uy;CM;max;N�E
Š 12e2

v
u
u
t

1

�1

h

12e2 C .�1 � 1/2
i2

C 1

�3

h

12e2 C .�3 � 1/2
i2

(10.13)

It has to be noted that, for the sake of conciseness, Eq. 10.13 is not directly
expressed in terms of �� , but in terms of the normalised frequencies �1 and �3.
ı is plotted in Fig. 10.4 as a function of e and �� . Inspection of Fig. 10.5 clearly
reveals that:

• For a wide region of e and �� , ı is close to 1.
• For high values of eccentricity e coupled with low values of�� , the displacement

amplification ı can achieve values larger than 5.

A more in-depth observation of the graph allows to introduce the following
classes of eccentric systems:

1. Class 1: torsionally stiff systems, �� � 1:0. The displacement response of these
systems is governed by the first natural period of vibration T1, close to TL. In this
case, the centre mass displacement can be approximated by the displacement of
the equivalent not-eccentric system. An example of such systems is given by
frame structures with perimeter shear walls.
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Fig. 10.5 The graphical representation of ˛u versus e and ��

2. Class 2: systems with �� Š 1:0. The displacement response of these systems
results from both the contributions of the first and third mode of vibration. In
detail, (1) for low values of eccentricity (e< 0.2), the centre mass displacement
is slightly lower than the displacement of the equivalent not-eccentric system,
and (2) for high values of eccentricity (e> 0.2), the centre mass displacement
is slightly higher than the corresponding displacement of the equivalent not-
eccentric system. An example of these systems is given by frame structures.

3. Class 3: low-eccentric torsionally flexible systems, �� < 1.0 and e< 0.1. The
displacement response of these systems is mainly governed by the third mode
of vibration that is approximately equal to the uncoupled lateral period TL. For
this class the centre mass displacement can be approximated by the displacement
of the equivalent not-eccentric system. An example of these systems is given by
structures with slightly asymmetric interior stiff cores.

4. Class 4: high-eccentric torsionally flexible systems, �� < 1.0 and e> 0.3. The
displacement response of these systems is mainly governed by the first mode
of vibration T1 that may be considerably higher than the uncoupled lateral
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period TL. Clearly, for this category of buildings, the assumption of equal centre
mass displacement between the eccentric system and its equivalent not-eccentric
system is not conservative. An example of these systems is given by frame
structures with highly asymmetric interior stiff cores.

10.5 The Maximum Rotational Response

10.5.1 Undamped Free Vibration Response

In a previous research work (Trombetti and Conte 2005), the authors identified a
rotational parameter called “alpha”, governing the maximum rotational response of
eccentric systems:

˛
defD 
m

u�;max

uy;CM;max
(10.14)

In the case of undamped free vibrations from a given initial deformation, the
alpha parameter assumes the following closed-form expression (Trombetti and
Conte 2005) (Fig. 10.5):

˛u D 4e
p
3

q



�2
� C 12e2 � 1

�2 C 48e2
(10.15)

where the subscript u indicates “undamped conditions”.
Figure 10.5 shows that ˛u is bounded between zero and one. The above-

introduced rotational parameter allows to express the maximum rotational response
as follows:

u�;max D ˛u


m
� uy;CM;max (10.16)

upper-bounded by the following value:

u�;max � uy;CM;max


m
(10.17)

10.5.2 Damped Seismic Response

In the case of damped systems subjected to seismic excitation, the alpha parameter
is indicated as:
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˛d;eqke
defD 
m

u�;max

uy;CM;max

ˇ
ˇ
ˇ
ˇ
d;eqke

(10.18)

where the subscript d,eqke indicates “damped conditions and earthquake input”.
By posing:

A
defD ˛d,eqke

˛u
(10.19)

the maximum rotational response experienced by a damped eccentric system under
seismic excitation can be expressed by the following simple relationship:

u�;max D A � ˛u � uy;CM;max


m
(10.20)

Parameter A should be obtained and calibrated by means of extensive numerical
simulations, which are currently under development.

10.6 The Combination of the Maximum Displacement
and Rotational Response

10.6.1 Undamped Free Vibration Response

The solution of the equations of motion of the studied eccentric system, in the
case of undamped free vibrations from a given initial displacement a along the y-
direction, is given by (Trombetti and Conte 2005):

uy.t/ D a � .R1 cos .!1t/CR3 cos .!3t//

ux.t/ D 0

u� .t/ D a


m
� ˛u

2
.cos .!1t/ � cos .!3t//

(10.21a,b,c)

where R1 and R3 are defined as follows (Fig. 10.6):

R1 D 1 ��3

�1 ��3

R3 D �1 � 1
�1 ��3 (10.22a,b)

It can be demonstrated that R1 and R3 are coincident with MCF1 and MCF3.
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Careful inspection of Eq. 10.21a,b,c leads to the following observations regard-
ing the simultaneity of translational and rotational responses:

• The maximum longitudinal displacement is developed for !1.t/ D n� and
!3.t/ D m� (with n and m both odd or both even) and is equal to a. The
corresponding rotation is zero.

• The maximum rotation is developed for !1.t/ D n� and !3.t/ D .mC 1/ �

(with n and m both even or odd) and is equal to a

m
˛u. The corresponding

longitudinal displacement, uy;CM@u�;max , is equal to a(R1–R3).

Based on these observations, two limit assumptions (HP1 and HP2) are intro-
duced:

1. The maximum corner displacement is calculated supposing a full correlation
between the maximum rotational response and maximum centre mass displace-
ment response (HP1):

uy;B;max;HP1 D uy;CM;max C u�;max
L

2
(10.23)

which can be easily rewritten as:

uy;B;max;HP1 D ı � uy;CM;max;N�E � .1C ˛u � �/ (10.24)

2. The maximum corner displacement is calculated combining the maximum
rotational response with the centre mass displacement achieved at the instant
of maximum rotation (HP2):

uy;B;max;HP2 D uy;CM@u�;max C u�;max
L

2
(10.25)
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which can be easily rewritten as:

uy;B;max;HP2 D ı � uy;CM;max;N�E � ..R1 � R3/C ˛u � �/ (10.26)

It is clear that Eqs. 10.24 and 10.26 represent an upper bound and a lower bound
for the maximum corner displacement, respectively:

uy;B;max;HP2 � uy;B;max � uy;B;max;HP1 (10.27)

The following closed-form expressions of the corner displacement amplifications
result from the two limit assumptions HP1 and HP2:

�1 Duy;B;max;HP1

uy;CM;max
D 1C ˛u�

�2 Duy;B;max;HP2

uy;CM;max
D .R1 � R3/C ˛u�

(10.28a,b)

�N�E;1 D uy;B;max;HP1

uy;CM;max;N�E
D ı ��1 D ı .1C ˛u�/

�N�E;2 D uy;B;max;HP2

uy;CM;max;N�E
D ı ��2 D ı Œ.R1 �R3/C ˛u��

(10.29a,b)

Note that �1 and �2 (Fig. 10.7a, b) give the corner displacement amplification
with respect to the centre mass displacement (i.e. the amplification due to the
torsional contribution) based on HP1 and HP2, respectively, whilst�N-E,1 and�N-E,2

(Fig. 10.8a, b) give the corner displacement amplification with respect to the centre
mass displacement of the equivalent not-eccentric system, based on HP1 and HP2,
respectively. It is also interesting to evaluate the ratio �2/�1 (equal to the ratio
�N-E,2/�N-E,1, Fig. 10.9). Careful examination of the graphs plotted in Figs. 10.7,
10.8, and 10.9 leads to the following fundamental observations:

• Both�1 and�2 are larger than one for all values of e and�� . This result justifies
the introduction of the assumption HP2 (lower bound). The maximum corner
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displacement amplifications�1 and�2 are limited to values around 2.3 and 1.6,
with reference to HP1 and HP2, respectively.

• Both �N-E,1 and �N-E,2 are significantly affected by ı for all classes of eccentric
structures. In detail, (1) high torsionally stiff systems (i.e. �� >1.5) exhibit
maximum corner displacement amplifications approximately equal to 2.5 and
2.0 with reference to HP1 and HP2, respectively; (2) low torsionally stiff systems
(�� Š 1:0) exhibit maximum corner displacement amplifications approximately
equal to 3.5 and 3.0 with reference to HP1 and HP2, respectively; and (3)
torsionally flexible systems exhibit maximum corner displacement amplifications
larger than 5.

• The ratio�1/�2 is close to 1 and low dependent on e, for torsionally stiff systems,
whilst it is comprised between 0.55 and 1 and strongly dependent on e, for
torsionally flexible systems.

It has to be noted that all graphs reported in Figs. 10.7, 10.8, and 10.9 are plotted
for a shape factor � equal to 1.22 (corresponding to a square plan, i.e. L D B with
reference to Fig. 10.1).
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10.6.2 Damped Seismic Response

In the case of seismic excitation, a parameter of simultaneity B is introduced to
account for the time correlation between the rotational and displacement seismic
responses (see Eq. 10.4).

Parameter B should be obtained and calibrated by means of extensive numerical
simulations. However, it should be noted that parameter B is certainly less than 1,
and, therefore, from a conservative design point of view, it can be taken equal to 1.

10.7 “Alpha Method” for Prediction of Maximum
Displacement at the Flexible Side of Eccentric Systems

In a previous research work (Trombetti and Conte 2005), the authors proposed
a simplified method, called “Alpha method”, for the prediction of the maximum
rotational response of eccentric systems. The original formulation of the method
was developed studying the dynamic behaviour of torsionally stiff system and
assuming that the maximum centre mass displacement of the eccentric system can
be reasonably approximated by the corresponding displacement of the equivalent
not-eccentric system.

The results described in this chapter lead to a more comprehensive understanding
of the dynamic behaviour of eccentric system. The analytical tools detailed in
previous sections allow to extend the original formulation of the “Alpha method”
to a generic eccentric system (i.e. torsionally flexible or torsionally stiff system),
removing the assumption of equal centre mass displacement between the eccentric
system and its equivalent not-eccentric system through the introduction of the ı
parameter (Sect. 4, Eq. 10.13).

In the light of all the results reported in previous sections, the following formula
for the evaluation of the maximum corner displacement of an eccentric system under
seismic excitation is proposed:

uy;B;max D uy;CM;max;N�E � ı � .1C A � B � ˛u � �/ (10.30)

Examination of Eq. 10.30 (i.e. Eq. 10.4) allows the following observations:

• The maximum corner displacement can be expressed as a function of the maxi-
mum displacement response of the equivalent not-eccentric system, obtained as
the maximum deformation of a SDOF oscillator of undamped natural period TL,
damping ratio � and mass equal to the total mass of the structure (e.g., use of
displacement response spectrum (Chopra 1995)).

• The formulation of the “Alpha method” requires the introduction of two
parameters, named A and B, which characterise the damped response under
seismic input, in general depending on TL, e, �, � and�� .
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10.8 Conclusions

This chapter provides a comprehensive insight into the dynamic behaviour of one-
storey eccentric systems, aimed at increasing the knowledge about this class of
structures as well as providing simple tools for their seismic design. For the specific
case of undamped eccentric systems in free vibrations, closed-form expressions
for an upper bound and a lower bound of the maximum longitudinal corner
displacement have been derived. Based on these results, a simplified approach for
the seismic design of eccentric systems, originally proposed by the author for the
evaluation of the torsional response of torsionally stiff eccentric systems, has been
revised accounting for all classes of eccentric systems.

The main conclusions of the study can be summarised as follows:

• The key parameters governing the dynamic behaviour of eccentric systems are
the uncoupled lateral period, TL; the eccentricity, e; the torsional flexibility
parameter,�� ; the shape factor, � and the damping ratio, Ÿ.

• A physically based approach for the evaluation of the maximum corner displace-
ment has been proposed, leading to a simple design formula. The formula is
composed of three contributions: (1) the translational contribution, depending on
ı parameter; (2) the torsional contribution, depending on the ˛u parameter and on
the shape factor �; and (3) the combination of the two translational and torsional
responses.

• The translational contribution, given by parameter ı, can be strongly affected by
the “period shifting” effect, i.e. the shift in the fundamental period of vibration of
the eccentric system with respect to that of the equivalent not-eccentric system.
The period shifting mainly affects the class of torsionally flexible systems. For
this class of eccentric systems, the estimation of the centre mass displacement
by response spectrum analysis using the uncoupled period of vibration of the
equivalent not-eccentric system may lead to very unconservative results (the
displacement amplification can be larger than 5).

• The torsional contribution is given by two components: (1) the pure rotational
response measured by parameter A and parameter ˛u that is bounded to one for
all classes of eccentric systems and (2) the “lever arm” effect depending on the
plan shape of the structures, measured by �.

• The time correlation between the displacement and the rotational response, given
by parameter B, is dependent on the eccentricity and torsional flexibility of
the systems. In detail, (1) torsionally stiff systems exhibit a high correlation
between the two maximum responses, and (2) torsionally flexible systems show
a correlation strongly dependent on the eccentricity.
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Chapter 11
Plan Irregular Structures: Simplified Approach

Dietlinde Köber and Dan Zamfirescu

Abstract A proposed simplified method (called) SESA is used to estimate the
displacement amplification due to general torsion. The SESA method uses modal
response spectrum analysis and takes into account the inelastic behavior by applying
the capacity spectrum method. For single-story structures, the single degree of
freedom inelastic system is equated to an elastic one, equivalent in translation. The
resulting linear equivalent system is defined by the secant to maximum displacement
stiffness, and the viscous damping properties are set through equivalence with
the hysteretic damping properties of the initial system. Regular modal analysis is
applied to the linear equivalent system by using over damped response spectra. This
is how the displacement amplification due to torsion (compared to translational
only behavior) is determined. A large parametric study was conducted on single-
story structures comparing results from the SESA method and from dynamic
nonlinear analysis. For the multistory inelastic structure analyzed in this chapter,
a force–displacement relationship was determined by static nonlinear analysis.
The corresponding single degree of freedom inelastic system was defined by
an idealized force–displacement curve. The response of a “real” multistory plan
irregular structure was computed by dynamic nonlinear analysis (target of results),
by dynamic nonlinear analysis on the single-story model, and by the simplified
SESA method. By applying the SESA method, results give a better estimation
of the structural response of irregular structures (influenced by general torsion)
than engineers can obtain by using code provisions for the most cases (Köber and
Zamfirescu, Sci J Math Model Civ Eng 5(2):32–51, 2009).
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11.1 Introduction

Coupling between translation and torsion of plan-asymmetric structures causes
ununiformed displacements in structural elements.

Nowadays code provisions for plan irregular structures are based on elastic
calculation although seismic response is nonlinear and inelastic torsion differs
significantly from the elastic one.

The authors applied the SESA method to torsional flexible (twist is not restricted
with structural elements placed perpendicular to seismic direction) and torsional
stiff (twist is restricted) structures. The main parameter was the eccentricity
between the mass center and the stiffness center (that coincides with the resistance
center). The results were obtained for elastic behavior and two intensity levels
of seismic input for the inelastic behavior. In order to validate the method, the
results were compared to the ones obtained by three-dimensional dynamic analysis
using seismic records as well as a set of spectrum-compatible accelerograms.
A large parametric study was conducted in order to validate the SESA method
for different plan assemblages and structural characteristics. The results of the
parametric study were compared in terms of displacement values at different points
of the structure. Statistic evaluation of results was made, gathering results with
respect to plan dimensions of the analyzed structures, seismic input intensity, and
corner period.

Nevertheless, most real structures are multistory buildings and have a more
complex response than single-story models used often for research.

Therefore, the response of a “real” multistory plan irregular central core structure
was computed by dynamic nonlinear analysis (target of results), by dynamic non-
linear analysis on the single-story model, and by the simplified SESA method. The
results were obtained for ultimate limit state. Spectrum-compatible accelerograms
and seismic records were used as seismic input. The results of the study were
compared in terms of displacement values at different points of the structure.

Code regulations concerning torsional sensitivity were checked for the analyzed
structures.

11.2 Simplified Method for the Estimation of the Effects
of General Torsion (SESA)

SESA evaluates the elastic structural response under seismic action by modal
analysis based on response spectra of an irregular single-story system. It uses
the capacity spectrum method and transforms the real structure having nonlinear
behavior into an elastic structural system, equivalent in translation. This means
equivalence of hysteretic and viscous damping. That is how the simplified method
establishes the displacement gain due to general torsion and maintains the simplicity
of the spectral analysis (elastic calculation) (Köber and Zamfirescu 2009).
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Response values are determined by modal analysis and assembled using the CQC
rule (Chopra 2007)

�

uyi
ru� i

�

D
�

�yi
��i

�

j�i .t/jmax D
�

�yi
��i

�
P �
i

M �
i !

2
i

SAi (11.1)

where uyi and u� i are modal displacement and rotation, r is the gyration ratio, �yi
and ��i are modal coordinates,M �

i is the modal mass, P �
i is the modal participation

factor, and !i is the natural frequency. SAi is the pseudo-acceleration related to
equivalent period Ti and damping ratio �.

The equivalent structure is based on the approach of the nonlinear displacement
of the real structure by the elastic displacement of an equivalent structure. The
stiffness of the equivalent structure is defined by the secant stiffness to the point
of maximum displacement.

It is worth to notice that the simplified method is entirely consistent with the
assumptions used for capacity spectrum method. Consequently, the SESA method
results for torsional amplification are decisively influenced by the inaccuracy given
by substitution of the translational inelastic behavior by a translation equivalent
elastic structure. The equivalence process has shortcomings particularly for periods
lower than the characteristic period of ground motion (Tc).

By applying the SESA method, results show a relatively good match to the struc-
tural response determined by dynamic nonlinear analysis and a better estimation of
the structural response of irregular structures (influenced by general torsion) than
engineers can obtain by using code provisions for the most cases.

11.3 Parametric Study on Single-Story Plan Irregular
Structures

11.3.1 Analyzed Structures

In this study, there were analyzed two types of structures that differ fundamentally
regarding their torsional behavior: torsional flexible (twist unrestrained) structures
and torsional stiff (twist restrained) structures (see Fig. 11.1).

Both analyzed structures are idealized single-story structures with a rigid
diaphragm floor and columns and walls as vertical structural elements. The vertical
structural elements are disposed symmetric about the x-axis and y-axis. The
structural mass is lumped at the center of mass (CM).

The structures of Fig. 11.1 are symmetric structures, being characterized through
a coincidence between the center of stiffness (CR), the center of mass (CM), and
the center of resistance (CF). The corresponding eccentric systems are obtained
by translating gradually CR and CF along the y-axis, from its initial position up
to ˙20% of the plan dimension of the structure normal to the direction of the seismic
input.
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Fig. 11.1 (a) Symmetric torsional flexible (unrestrained) structure (TL). (b) Symmetric torsional
stiff (restrained) structure (TI)

The floor is considered to be a rigid diaphragm. The total weight (G) of the floor
is 4,840 kN (considering a uniform load p D 10 kN/m2). The total strength of the
structural elements is 0.15 G, say Fy D 726 KN in each direction.

The structural walls are modeled as elastic-perfectly plastic springs acting on x
and y direction.

The stiffness of the structural elements was chosen so that the initial translational
period of the structure is 0.5s, 0.7s, or 1.6s. The strength of walls P2 and P4 remains
constant.

The torsional restrained structure differs from the torsional flexible structure (see
Fig. 11.1), by considering at both sides of the structure walls in y direction.

11.3.2 Seismic Input

The seismic input considered in this study is given both by original (recorded)
accelerograms as well as by spectrum-compatible ones, acting along the x-axis.
Therefore, design spectra from (P100-1/ 2006) and (EN 1998-1: 2004) (for soil
type B) were used.

The results were obtained for elastic behavior (serviceability limit state, SLS)
and two intensity levels of seismic input for the inelastic behavior. Therefore,
each accelerogram was scaled for two levels of strength: 0.2 g (ultimate limit
state, SLU) and 0.4 g (survivability limit state, SLSV). For each limit state, the
authors considered one recorded accelerogram and five spectrum-compatible ones
(see Table 2.1) for four characteristic ground periods: 0.5s, 0.7s, 1.0s, and 1.6s.

11.3.3 Parameters Under Consideration

From all known parameters that affect the elastic as well as the nonlinear response
of plan-asymmetric structures under seismic action, (Goel and Chopra 1990), the
authors have chosen the following:
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Table 11.1 Cases analyzed for the parametric study

Structure
In-plane
dimensions [m]

Natural lateral
period [s] Limit state Accelerograms

TL 11 � 44 0.3 SLS, SLU, SLSV 1C5
0.7 SLS, SLU, SLSV 1C5
1.6 SLS, SLU, SLSV 1C5

22 � 22 0.3 SLS, SLU, SLSV 1C5
0.7 SLS, SLU, SLSV 1C5
1.6 SLS, SLU, SLSV 1C5

TI 11 � 44 0.3 SLS, SLU, SLSV 1C5
0.7 SLS, SLU, SLSV 1C5
1.6 SLS, SLU, SLSV 1C5

22 � 22 0.3 SLS, SLU, SLSV 1C5
0.7 SLS, SLU, SLSV 1C5
1.6 SLS, SLU, SLSV 1C5

!y , the natural lateral frequency of the corresponding symmetric system. Note that
to each asymmetric system, there corresponds a symmetric system for which the
center of mass, the center of stiffness, and the center of resistance coincide.

!�=!y , ratio between the torsional and the lateral natural frequency of the corre-
sponding symmetric system.

e=r , ratio between the stiffness eccentricity (distance between the center of mass
and the center of stiffness) and the radius of gyration of the deck.

�, critical damping ratio.
�x, ratio between the torsional stiffness of structural elements situated perpendicular

to the direction of seismic input and the total structural torsional stiffness (K� ).
ep, strength eccentricity (distance between the center of mass and the center of

resistance).
uy , yield displacement of the corresponding symmetric system.

Considering the variation of these parameters, the authors generated the cases
for the parametric study. The analyzed cases for symmetric structures (364 cases)
are given in Table 11.1. Asymmetric structures are derived from the symmetric ones
by translating gradually CR and CF from its initial position. Therefore, the total
number of considered situations is 14,596.

11.3.4 Results of the Parametric Study

The target of this comparative study was to identify how well the SESA method
based on modal analysis and over damped response spectra can estimate the
seismic response obtained by dynamic nonlinear calculation. For validation, the
results of the SESA method were compared to the ones obtained by three-
dimensional dynamic analysis in terms of displacement values at different points
of the structure: total displacement of the center of mass (uCM

x ), structural rotation
(�), and displacements of walls P1 and P3 (uP1x ; u

P3
x ).
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Fig. 11.2 Serviceability limit state

In order to sustain the applicability of the SESA method for design, results
were compared also to regular code provisions. The seismic design force used was
Fb D Fy/1.5, where Fy represents the yield force of the structure. The translation and
rotation of CM were determined as follows:

uCM
x D cq

Fb

Kt

C �eI � D cq
Fbe

K�

(11.2)

where c represents displacement amplifying coefficient for structural periods lower
than the characteristic period of the ground, q is the behavior factor, and Kt is the
structural lateral stiffness. For other terms, see Chapter 2.3. At SLS, the factor c
turns into 0.5 in order to consider the reduced strength of the seismic input. Although
the code method can be used only for the main limit state, in this study it was applied
also for SLSV (constant Fy=G ratio and unreal values for q).

The displacements of walls P1 and P3 are to be determined by

uP1x D uCM
x ˙ � � d1I uP3x D uCM

x ˙ � � d3 (11.3)

where d1 and d3 are distances between walls P1, P3, and CM (Fig. 11.2).
Statistic evaluation of the results was made in order to identify whether the SESA

method overestimates (graphics right side, positive percentage) or underestimates
(graphics left side, negative percentage) dynamic nonlinear analysis results. For
comparison, results obtained by applying code provisions are represented too. Note
that only amplified wall displacements due to general torsion were taken into
account. Also, statistics are based on results obtained for e � ˙10%.
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Fig. 11.3 Ultimate limit state

For SLS, code provisions mostly underestimate displacements and rotations
given by dynamic nonlinear analysis, whereas the SESA method mostly overesti-
mates them. As expected, results are better for uCM

x and � as for ux1 and ux3. The
analyzed situations show that static elastic calculation is not a proper method for
plan irregular structures, not even in the elastic range of behavior.

Figure 11.3 shows results for SLU, separately for TL and TI. Walls situated
perpendicular to the direction of seismic input participate with half of their lateral
stiffness to the rotational stiffness of the structure.

For SLU, results obtained by applying code provisions are well distributed over
the entire range of percentages. That means they are equally underestimated and
overestimated. Over 60% of CM displacements and rotations are overestimated with
less than 5% by the SESA method. As expected, this percentage drops for wall
displacements. Only for rotations the SESA method indicates differences up to 30%
between TL and TI structures. Also, code provisions indicate better results for TI
structures than for TL ones.

Figure 11.4 shows results for SLSV, separately for TL and TI. The variation
of results is greater at SLSV compared to SLU, both for SESA method and code
provisions. Still, estimation of dynamic nonlinear results is better when applying
the SESA method. Up to 40% of the results are overestimated by less than 5%. As
expected, rotations scatter more for TL structure than for TI.

Figures 11.5–11.8 show results gathered by characteristic periods (Tc) of the
seismic input.

SESA method applied for Tc D 0.5s uses the horizontal elastic response spectrum
of (EN 1998-1: 2004), leads to greater errors in the equivalence process, and
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Fig. 11.5 Results for Tc D 0.5s

therefore to greater differences compared to the dynamic nonlinear calculation. For
Tc D 0.7s, Tc D 1.0s, and Tc D 1.6s, an iterative procedure for the determination of
the equivalent system was used and results are better (Figs. 11.6 and 11.7).

SESA method results scatter more, the greater the characteristic period of the
ground motion, showing that the simplified method is entirely consistent with the
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Fig. 11.6 Results for Tc D 0.7s
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Fig. 11.7 Results for Tc D 1.0s

assumptions used for capacity spectrum method. Consequently, the SESA method
results for torsional amplification are decisively influenced by the inaccuracy given
by substitution of the translational inelastic behavior by a translation equivalent
elastic structure. The equivalence process has shortcomings particularly for periods
lower than the characteristic period of ground motion (Fig. 11.8).
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Fig. 11.8 Results for Tc D 1.6s

Code provisions applied to plan irregular structures lead mostly to over 50%
underestimated results, regardless of the limit state.

11.4 Comparative Study on a Multistory Central Core
Structure

11.4.1 Analyzed Structure (Zamfirescu et al. 2010)

The paper investigates the seismic performance of a multistory reinforced concrete
central core structure. The structure has a square footprint with an edge of 34.8 m,
and the central core has a square shape with openings on x direction and an edge
of 14.5 m. The overall height of the superstructure is 94.5 m, 27 stories of 3.5 m
each. The coupling beams and frame columns are made of steel-reinforced concrete,
while the frame beams are made of steel. For the floors, a composite solution was
used. The concrete is C40/50 and the reinforcing steel and structural steel Romanian
equivalents of S355. The structure is placed in Bucharest area, featured by ground
motions having a corner period around 1.6s and a design ground acceleration
corresponding to a mean return period (MRI) of 100 years, equal to 0.24 g.

The structure was designed following the Romanian Guideline for Structural
Wall Structures assuming an importance factor of 1.2 and a behavior factor 3,
corresponding to a torsional sensitive structure for ductility class H. The provisions
of the Romanian Guideline is similar to EC8 design provisions for structural walls
with the difference that the minimum lateral strength is always associated with the
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Fig. 11.9 Plan view of a current story

full plastic mechanism, and the credited shear force of walls corresponding to web
crush is higher than the one prescribed by the EC8.

The plan assembly of the analyzed structure is shown in Fig. 11.9.

11.4.2 Torsional Sensitivity

EC8 provisions, (EN 1998-1: 2004), were applied to the analyzed structure in order
to conclude if it is torsional sensitive or not. Therefore, for each story, the torsional
ratio (equal to the square root of the ratio between the torsional stiffness, K� , and
the translational stiffness, Kt ), r, was compared to the radius of gyration, ls. For a
given story, the torsional stiffness was calculated as the ratio between the torsional
moment and the story rotation. Similarly, the translational stiffness was determined
as the ratio between the story shear and the story drift. Curious from this point of
view is the fact that only the first six stories are torsional sensitive (see Table 11.2).

In Tables 11.2 and 11.3, x and y mean the direction of the seismic input.
Romanian Seismic Code provisions, (P100-1/ 2006), were also applied. There-

fore, torsional sensitivity appears when the maximum displacement at one edge of
the structure,�edge, exceeds by more than 1,35 the mean displacement,�mean. From
this point of view, the analyzed structure is not torsional sensitive (see Table 11.3).
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Table 11.2 Torsional sensitivity check according EC8, (Köber and Zamfirescu 2009)

Story

Ktx

[E C 5
kN/m]

K�x

[E C 8
kNm] rx [m] ls [m]

Kty

[E C 5
kN/m]

K�y

[E C 9
kNm] ry [m] ls [m]

25 3.5 2.1 24:8> 14.2 4.3 0.45 32:4> 14.2
24 6.4 3.8 24:5> 8.0 0.76 30:8>

23 9.0 5.2 24:1> 11.7 1.0 29:2>

22 11.2 6.4 23:8> 15.0 1.1 27:5>

21 13.3 7.3 23:4> 18.3 1.2 25:9>

20 15.2 8.0 23:0> 21.3 1.3 24:4>

19 16.7 8.5 22:6> 24.4 1.4 23:6>

18 18.2 8.9 22:2> 27.4 1.4 22:5>

17 19.5 9.2 21:7> 30.3 1.4 21:5>

16 20.7 9.4 21:3> 33.3 1.4 20:5>

15 22.0 9.4 20:7> 36.3 1.4 19:7>

14 23.1 9.5 20:2> 39.4 1.4 18:6>

13 24.2 9.4 19:7> 42.8 1.4 17:9>

12 25.5 9.3 19:1> 46.1 1.4 17:2>

11 26.8 9.1 18:4> 50.2 1.4 16:7>

10 28.2 8.9 17:8> 54.4 1.4 15:8>

9 30.0 8.7 17:0> 59.4 1.3 15:0>

8 32.0 8.4 16:2> 65.2 1.3 14:1<

7 34.3 8.0 15:3> 71.9 1.3 13:4<

6 37.5 7.7 14:3> 81.0 1.3 12:7<

5 41.4 7.2 13.2< 92.5 1.2 11:6<

4 47.3 6.7 11.9< 106.9 1.2 10:7<

3 56.0 6.1 10.5< 130.4 1.1 9:2<

2 71.0 5.4 8.7< 167.5 1.0 7.9<
1 103.5 4.1 6.3< 231.6 0.97 6.5<
P 231.5 2.8 3.5< 464.6 1.4 5.5<

11.4.3 Simplified Approach

11.4.3.1 Transformation of the Multistory Structure into a Single-Story
Structure

The simplified method SESA can be applied only to single-story structures. That is
why for the simplified approach, the real multistory structure has to be modeled as
a single-story one.

For this purpose, static nonlinear analysis was performed on both main structural
directions. The obtained pushover curves have been transformed into bilinear
force–displacement relationships, considering the tangent initial stiffness and the
displacement target indicated by response spectra for a given accelerogram. Force–
displacement relationships valid for single-story systems were computed by using
factor  for displacements (see Eq. 11.4) and factor " for forces (see Eq. 11.5), in
order to use the real structural mass for calculation:
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Table 11.3 Torsional sensitivity check according to Romanian Seismic Code (Goel and Chopra
1990)

Story �x
edge[m] �x

mean[m]
�x

edge=

�x
mean[�] Limit �

y
edge[m] �

y
mean[m]

�
y
edge=

�
y
mean[�] Limit

25 0.0141 0.0138 1.02 < 1.35 0.0155 0.0155 1.00 < 1.35
24 0.0144 0.0142 1.02 < 0.0157 0.0156 1.00 <
23 0.0148 0.0146 1.02 < 0.0156 0.0156 1.00 <
22 0.0154 0.0151 1.02 < 0.0158 0.0157 1.00 <
21 0.0158 0.0155 1.02 < 0.0158 0.0157 1.00 <
20 0.0163 0.0160 1.02 < 0.0158 0.0158 1.00 <
19 0.0169 0.0166 1.02 < 0.0158 0.0157 1.00 <
18 0.0173 0.0170 1.02 < 0.0157 0.0156 1.00 <
17 0.0177 0.0174 1.02 < 0.0156 0.0155 1.00 <
16 0.0181 0.0178 1.02 < 0.0154 0.0153 1.00 <
15 0.0184 0.0180 1.02 < 0.0152 0.0151 1.00 <
14 0.0186 0.0182 1.02 < 0.0149 0.0148 1.00 <
13 0.0187 0.0184 1.02 < 0.0145 0.0144 1.00 <
12 0.0187 0.0183 1.02 < 0.0141 0.0141 1.00 <
11 0.0185 0.0182 1.02 < 0.0135 0.0135 1.00 <
10 0.0183 0.0180 1.02 < 0.0130 0.0129 1.00 <
9 0.0178 0.0175 1.02 < 0.0123 0.0122 1.00 <
8 0.0172 0.0169 1.02 < 0.0115 0.0115 1.00 <
7 0.0164 0.0161 1.02 < 0.0107 0.0107 1.00 <
6 0.0154 0.0151 1.02 < 0.0097 0.0097 1.00 <
5 0.0141 0.0139 1.01 < 0.0087 0.0086 1.01 <
4 0.0126 0.0123 1.02 < 0.0076 0.0076 1.00 <
3 0.0107 0.0105 1.01 < 0.0063 0.0063 1.00 <
2 0.0085 0.0084 1.01 < 0.0050 0.0049 1.01 <
1 0.0059 0.0058 1.02 < 0.0036 0.0036 1.00 <
P 0.0026 0.0026 1.00 < 0.0018 0.0018 1.00 <

 D
P
mi�i

P
mi�

2
i

(11.4)

" D .
P
mi�i /

2

P
mi

P
mi�

2
i

(11.5)

In Eqs. (11.4) and (11.5), mi represents the ith story mass and �i the modal
ordinate.

An iterative procedure was applied until the ultimate displacement equaled the
considered displacement target.

For example, the bilinearization process for one of the considered accelerograms
in x direction is shown in Fig. 11.10.

The transformation multistory structure to single-story structure is made con-
sidering the same translational periods for both models. In order to reach also the
same torsional period, structural walls were moved away from the center of mass,
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Fig. 11.10 Bilinearization process of the pushover curve

Fig. 11.11 Simplified model for single-story structure

maintaining the same ratio between their initial positions on x and y direction.
Therefore, the single-story model has independent walls along both main directions
instead of a central core (see Fig. 11.11).

11.4.4 Seismic Input

The analyzed structure has been designed for Bucharest. For this reason, the
N-S recording of Vrancea 1977 earthquake from INCERC station was applied
to the structure. It is the most severe earthquake motion recorded in Romania.
Supplementary a set of three spectrum-compatible accelerograms was considered,
fitting the response spectrum for corner period equal to 1,6s of the Romanian seismic
code (P100-1/ 2006). The referred response spectrum is represented in Fig. 11.12.

All accelerograms were scaled at first mode elastic spectral acceleration for MRI
100 years. Calculation for ultimate limit state was made.
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Fig. 11.12 Normalized elastic response spectrum for corner period Tc D 1,6s, (P100 -1/ 2006)

11.4.5 Comparative Study

Results of dynamic nonlinear analysis performed on the real structure described in
paragraph 2 were compared with two simplified approaches. Calculation on the real
structure was made in PERFORM 3D v 3.04 by considering a Takeda hysteretic
behavior. The simplified approaches consider a bilinear hysteretic behavior with
post elastic hardening.

The first simplified approach refers to dynamic nonlinear analysis performed
on the equivalent single-story structure. For this approach the Torsdin program,
developed at the Technical University of Bucharest, was used.

The second approach refers to the simplified spectral analysis method called
SESA.

Results were computed for zero eccentricity (only translation) and eccentricities
(stiffness and strength) equal to 10 and 20% of the plan dimension of the structure.
This means up to four times the accidental eccentricity proposed by most seismic
codes.

Eccentricities were considered first along the x-axis of the structure (direction
with coupling beams) for seismic input 100% in the y direction of the structure.

Then eccentricities along the x-axis were coupled with bidirectional seismic input
(100% in y direction combined with 30% in x direction).

Dynamic analysis on the real structure showed that for input along the y
direction, the torsional rotations are greater than for seismic input along the x
direction. Therefore, the comparative study concentrates on seismic input along the
y direction.

The authors compared displacements in the center of mass, torsional rotations,
and displacements of the walls parallel to the direction of seismic input (y direction).

Displacements in the center of mass for zero eccentricity and seismic input in y
direction are given in Table 11.4.

Results for translation show a good match between the simplified dynamic
nonlinear calculation and the SESA method. Differences between calculation on the
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Table 11.4 Displacements in the center of mass for zero eccentricity, [m]

Seismic input
Dynamic nonlinear
real structure

Simplified dynamic
nonlinear – Torsdin SESA

Incerc 1977 0.909 0.603 0.581
Comp 1 0.830 0.382 0.413
Comp 2 0.741 0.746 0.723
Comp 3 0.801 0.704 0.728

Table 11.5 Results for seismic input along y direction and unidirectional eccentricity

Eccentricity
[%] Accelerogram

Dynamic nonlinear
real structure

Simplified dynamic
nonlinear – Torsdin SESA

CM displ. [m] 10% Incerc 1977 0.911 0.593 0.603
Comp 0.869 0.490 0.544

Rotation [rad] Incerc 1977 0.0028 0.0225 0.020
Comp 0.0029 0.020 0.016

Disp. stiff side
[m]

Incerc 1977 0.861 0.289 0.579
Comp 0.815 0.253 0.499

Disp. flexible
side [m]

Incerc 1977 0.945 0.834 0.833
Comp 0.907 0.709 0.688

CM displ. [m] 20% Incerc 1977 0.905 0.57 0.615
Comp 0.873 0.459 0.552

Rotation [rad] Incerc 1977 0.0055 0.03 0.034
Comp 0.0058 0.0207 0.027

Disp. stiff side
[m]

Incerc 1977 0.786 0.165 0.618
Comp 0.742 0.269 0.490

Disp. flexible
side [m]

Incerc 1977 0.957 0.962 1.158
Comp 0.929 0.419 1.039

real structure and the simplified approaches are up to 55%, depending on the applied
accelerogram. They may be explained by the influence of the Takeda hysteretic
behavior considered only in the dynamic nonlinear calculation for the real structure.

Results for eccentricities of 10 and 20% in x direction combined with seismic
input in y direction are given in Table 11.5. For the spectrum-compatible accelero-
grams, mean values are computed.

Because the structural walls are situated different in the single-story structure
compared to the multistory structure (in order to fit the torsional eigenperiod), floor
edge displacements were compared.

Differences between results for the real structure and results for the simplified
model are quiet large. By neglecting the error that occurs for zero eccentricity
(due to the hysteretic model), differences for edge displacements are up to 50%
for Torsdin and 5% for SESA. These differences appear for displacements of the
stiff side. Displacements of the flexible side are estimated well, with differences
under 5%. Better estimation of maximum displacements (on the flexible side) was
observed also for single-story structures, (Köber and Zamfirescu 2009) and is due
to the modal combination.
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Table 11.6 Results for seismic input 100% along y direction, 30% along x direction and
unidirectional eccentricity

Eccentricity
[%] Accelerogram

Dynamic nonlinear
real structure

Simplified dynamic
nonlinear – Torsdin

CM displ. [m] 10% Incerc 1977 0.901 0.593
Comp 0.851 0.551

Rotation [rad] Incerc 1977 0.003 0.0216
Comp 0.0033 0.0221

Disp. stiff side
[m]

Incerc 1977 0.842 0.287
Comp 0.794 0.165

Disp. flexible
side [m]

Incerc 1977 0.941 0.849
Comp 0.891 0.743

CM displ. [m] 20% Incerc 1977 0.897 0.570
Comp 0.853 0.510

Rotation [rad] Incerc 1977 0.0059 0.033
Comp 0.0062 0.026

Disp. stiff side
[m]

Incerc 1977 0.763 0.156
Comp 0.719 0.170

Disp. flexible
side [m]

Incerc 1977 0.955 0.599
Comp 0.913 0.867

Displacements of the center of mass are greater for the dynamic nonlinear
calculation on the real structure and rotations are greater for the simplified ap-
proaches. Therefore, the estimation of the edge displacements is better (comparing
real structure and simplified approaches) than that of results in CM.

The SESA method shows a good match of results in CM (displacement and rota-
tion) compared to the simplified dynamic nonlinear calculation. Edge displacements
are less accurate because of the modal combination (in this chapter CQC was used).

As expected, results scatter more for greater eccentricity values.
Table 11.6 shows results for eccentricity in x direction combined with seismic

input 100% in y direction and 30% in x direction.
Because the SESA method cannot consider bidirectional seismic input, only

results for Torsdin and computation on the real structure are compared.
Comparing values from Tables 11.4 and 11.6 shows that considering bidirec-

tional seismic loading affects in a minor instance the analyzed results. Therefore,
comments for unidirectional loading are valid also for bidirectional loading.

Structural rotations scatter little for bidirectional loading compared to unidirec-
tional loading. Displacements of the center of mass differ up to 5%. Displacements
of the floor edges differ up to 15%.

11.5 Concluding Remarks

For the analyzed single-story structures, up to 45% of the SESA method results are
close (differences under 5%) to the dynamic nonlinear analysis results.
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Code provisions generally underestimate dynamic nonlinear analysis results,
often by more than 50%. Static elastic calculation is not a proper method for plan
irregular structures, not even in the elastic range of behavior.

Also, the code method can be used only for the main design limit state, and as it
is shown, the amount of displacement amplification of irregular structures depends
essentially on the earthquake intensity.

For the real central core multistory structure, simplified modeling by a single-
story structure shows major differences (up to 55%) in results even if no eccentricity
is assumed. These differences may be explained by the different hysteretic model
used for simplified calculation compared to calculation on the real structure.

Displacement values for simplified dynamic nonlinear calculation and for the
SESA method scatter up to 70% from the results on the real structure. If the
difference up to 55% due to translation behavior is skipped, then the inaccuracy
of the simplified approaches is limited to 15%.

Nevertheless, eccentricities considered for the comparative study are up to four
times greater than accidental eccentricities given by most seismic codes.

Influence of bidirectional loading is negligible for the analyzed results.
Torsional sensitivity is difficult to define because of the great number of

parameters that influence the torsional behavior, especially the nonlinear one. This
can be seen also in the contradictory results obtained by applying code provisions.

Applying Romanian Code provisions for the results of the simplified approaches
leads to the following conclusion: the analyzed structure is torsional sensitive for
unidirectional loading as well as for bidirectional loading.

The authors find the obtained results encouraging and plan to expand the study
to more structural types.

References

Chopra AK (2007) Dynamics of structures. Prentice Hall, Upper Saddle River. ISBN 0-13-
156174-X

EN 1998-1: 2004. Design of structures for earthquake resistance. General rules, seismic actions
and rules for buildings

Goel RK, Chopra AK (1990) Inelastic seismic response of one – story, asymmetric – plan systems.
College of Engineering, University of California at Berkeley, Report no. UBC/EERC – 90/14

Köber D, Zamfirescu D (2009) Simplified methods used for evaluation of the displacement gain
due to general torsion. Sci J Math Model Civ Eng 5(2):32–51
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Chapter 12
Application of Nonlinear Static Method
with Corrective Eccentricities to Multistorey
Buildings: A Case Study

Melina Bosco, Giovanna A. Ferrara, Aurelio Ghersi, Edoardo M. Marino,
and Pier Paolo Rossi

Abstract Nonlinear static methods are not always effective in the assessment
of three-dimensional building structures because their estimate of the torsional
response is not always reliable. To overcome this shortcoming, some of the authors
have proposed a double application of the nonlinear static analysis by means of
lateral forces applied to points of the deck characterised by different eccentricities
with respect to the centre of mass. These eccentricities, named “corrective eccen-
tricities”, were calibrated in such a way that the displacements of the edges of
the deck evaluated by the two nonlinear static analyses equal those evaluated by
nonlinear dynamic analysis. Analytical expressions of the corrective eccentricities
were derived and presented in a previous study based on a parametrical investigation
conducted on a wide set of one-storey systems subjected to bidirectional ground
motions. In this chapter, the peculiarities of the application of the proposed
nonlinear static method to multistorey buildings are discussed first. Second, as
an example, the method is applied to predict the seismic response of a five-
storey asymmetric building. The structure of the analysed building is constituted
by reinforced concrete frames arranged along two orthogonal directions. The cross
sections of the structural element are equal at all storeys. To test the effectiveness of
the proposed method, the in-plan distributions of the deck displacement and drift are
evaluated by nonlinear dynamic analysis and compared to those resulting from the
nonlinear static method with corrective eccentricities. The obtained results show that
the use of the corrective eccentricities leads to a suitable estimate of the maximum
dynamic displacements and drifts.
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12.1 Introduction

It is widely recognised that nonlinear static methods usually do not provide a
reliable prediction of the torsional response of asymmetric structures (Chopra and
Goel 2004; Fajfar et al. 2005; Marušić and Fajfar 2005). Since only experts in
seismic engineering are able to analyse three-dimensional structures by nonlinear
dynamic analysis, the scientific community is greatly interested in the possibility
of improving the estimate of the seismic response of asymmetric structures by
nonlinear static methods (Marušić and Fajfar 2005; Lucchini et al. 2009) and (De
Stefano and Pintucchi 2010). On this topic, some of the authors have recently
proposed a nonlinear static method for asymmetric structures (Bosco et al. 2009a).
This method aims at obtaining an estimate of the maximum seismic response
of asymmetric one-storey systems by means of two pushover analyses. The two
nonlinear static analyses are necessary because the in-plan distribution of the
maximum dynamic displacements is not linear and, thus, it cannot be properly
approximated by a single nonlinear static analysis. In particular, according to this
method, the nonlinear static analysis is performed by applying the lateral forces to
two points of the deck different from the centre of mass CM. The coordinates of the
points CFi where the forces F are applied were calibrated in Bosco et al. (2012) by a
parametrical study on one-storey systems subjected to bidirectional ground motions.
The positions of the points CFi were adjusted in such a way that the displacements
evaluated at the two edges of the deck by the two nonlinear static analyses were
equal to the displacements provided by the nonlinear dynamic analysis (Fig. 12.1).
The difference between the abscissa of the point CFi and that of CM is named
“corrective eccentricity” e (with i D 1 or 2 for the left and the right side of the deck,
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respectively). On the basis of the results of this parametrical study, the value of each
corrective eccentricity was expressed by analytical relations as a function of the
four structural parameters which influence the seismic elastic and inelastic response
of asymmetric systems. The parameters which affect the torsional response in the
elastic range of behaviour (Hejal and Chopra 1987) are the rigidity eccentricity er

(distance between CM and the centre of rigidity CR) and the ratio�� of the torsional
to lateral frequencies of the corresponding torsionally balanced system (obtained by
shifting CM into CR). The parameters which affect the torsional response in the
inelastic range of behaviour (Goel and Chopra 1990) are the strength eccentricity es

(distance between CM and the centre of strength CS) and the ratio R� of the elastic
shear force to the actual strength of the corresponding torsionally balanced system.

The corrective eccentricities ei were written as a linear function of the rigidity
and strength eccentricities

ei D aies C bier i D 1 or 2 (12.1)

where the coefficients ai and bi depend on �� and R� according to the following
expressions:

a1 D
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c12 R
2
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Unfortunately, results obtained by one-storey systems need to be validated by
multistorey systems (Anagnostopoulos et al. 2010; De Stefano et al. 2006; Ghersi
et al. 2007). Further, the determination of er, �� , es and R� is not trivial when
the proposed method is applied to multistorey structures. For these reasons, in
this chapter the aspects concerning the application of the proposed nonlinear static
method to multistorey buildings are first discussed. Then, as an example, the method
is applied to a five-storey asymmetric building. The structure of the building is
constituted by reinforced concrete frames arranged along two orthogonal directions.
The cross sections of the structural elements are equal at all storeys. To test the
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effectiveness of the proposed method, the deck displacements and the drifts at each
storey are evaluated by nonlinear dynamic analysis and compared to those obtained
by the proposed nonlinear static method.

12.2 Parameters Affecting the Elastic Response
of Asymmetric Multistorey Buildings

12.2.1 Rigidity Eccentricity er

The rigidity eccentricity is defined as the distance between the centre of mass CM
and the centre of rigidity CR of the structural system. The determination of this latter
point does not cause any problem in one-storey systems. Indeed, as remarked by
several researchers (Hejal and Chopra 1987; Tso 1990), in such structures the centre
of rigidity, rigorously defined as the point of the floor to which a static force must be
applied to cause translation of deck without rotation, can be univocally determined.
Also, this point is coincident with the shear centre (point through which the resultant
of the storey shear forces passes when the floor is subjected to translation) and
with the centre of twist (point that remains stationary in plan when the structure is
subjected to torque loading).

Contrary to what has been stated with reference to one-storey systems, the deter-
mination of the centre of rigidity may cause troubles when dealing with multistorey
buildings. Indeed, only for a particular class of buildings, the regularly asymmetric
buildings, the generalised centres of rigidity and twist and the generalised shear
centres are independent of the lateral load distribution and are lined up along a single
vertical axis named “elastic axis” (Hejal and Chopra 1987). Unfortunately, real
asymmetric structures rarely fulfil the strict conditions that characterise the above-
mentioned buildings and have generalised centres of rigidity which are strongly
dependent on the lateral load distribution. An interesting solution to the problem
has been proposed by Makarios and Anastassiadis (1998a, b) who suggested using,
as a reference for the calculation of the structural eccentricity, the optimum torsion
axis. This axis is defined as the vertical line that joins the points of the floors where
the equivalent seismic forces must be applied in order to minimise the sum of the
squares of the deck rotations:

‚ D
nX

iD1
�2i D minimum (12.6)

This axis coincides with the elastic axis in regularly asymmetric systems, and
its position is little influenced by the distribution of the horizontal forces in non-
regularly asymmetric systems (Makarios and Anastassiadis 1998a, b). Further,
Anastassiadis and Makarios demonstrated that the optimum torsion axis can be
approximately determined as the vertical line passing through the centre of twist
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of the storey at the level z equal to 0.80 times the height of the building (Makarios
and Anastassiadis 1998a). An analytical procedure to evaluate the exact location of
the optimum torsion axis has also been proposed by Marino and Rossi (2004). In
particular, given an orthogonal reference system Oxyz, with x- and y-axes parallel
to the principal axes of the structural system, the coordinates of the optimum torsion
axis are

xCR D ��TFy�M

�2M

yCR D �TFx�M

�2M
(12.7)

where ™Fx and ™Fy are vectors containing the deck rotations produced by a
distribution of seismic forces F applied at the origin of the reference system and
acting along the x- and the y-axes, respectively, and ™M is a vector containing the
deck rotations produced by a distribution of torsional couples M equal to F � 1.

The heightwise distribution of the centres of rigidity can also be calculated by the
procedure proposed in Bosco et al. (2008a). The position of the centres of rigidity
evaluated according to this procedure is little dependent on the distribution of the
horizontal forces. Further, the heightwise distribution of the centres of rigidity gives
an idea of the irregularity in the elevation of the building.

Finally, given an assigned distribution of lateral forces, the centre of rigidity can
be calculated at each storey as the centroid of the stiffness kj of each frame defined
as the ratio of the storey shear to the storey drift:

xiCR D

nyP

jD1
kiy;j xj

nyP

jD1
kiy;j

I yiCR D

nxP

jD1
kix;j yj

nxP

jD1
kix;j

(12.8)

In Eq. 12.8, nx and ny are the number of frames arranged along the x- or y-
direction, respectively, while yj and xj are the coordinates of the frames along the x-
or y-direction.

12.2.2 Ratio ˝� of the Torsional to Lateral Frequencies
of the Torsionally Balanced System

Like the rigidity eccentricity, the uncoupled torsional to lateral frequency ratio can
be univocally determined only for one-storey systems and regularly asymmetric
systems. In this special class of buildings, like in one-storey systems, the parameter
�� may be calculated as the ratio of the radius of gyration of the lateral stiffness rk
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of the resisting elements about a vertical axis passing through the rigidity centre with
respect to the radius of gyration of the mass rm about a vertical axis passing through
the mass centre. With reference to real structures, Makarios and Anastassiadis
(1998b) calculated the radius of gyration of the lateral stiffness rk by the relation:

rkx D
s

uy .CR/

�M .0:8 H/
I rky D

s

ux .CR/

�M .0:8 H/
(12.9)

In these relations, uy (CR) and ux (CR) are the displacements of the point of the
deck corresponding to the optimum torsion axis at the level z D 0.80 H due to lateral
forces F applied to the optimum torsion axis and acting along the y- and x-directions,
respectively; �M is the deck rotation at the same level produced by a distribution of
torsional couples proportional to the lateral forces F.

The heightwise distribution of the radius of gyration of the lateral stiffness of the
resisting elements can also be calculated as suggested in Bosco et al. (2008a).

Finally, for a given distribution of lateral forces, once the stiffness of each frame
kj and the position of CR defined as the centroid of the stiffness kj have been
determined as shown in Sect. 12.2.1, rkx and rky can also be calculated at each
storey as
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12.3 Parameters Affecting the Inelastic Response
of Asymmetric Multistorey Buildings

12.3.1 Strength Eccentricity es

The strength eccentricity is defined as the distance between the centre of mass
CM and the centre of strength CS of the structural system. For one-storey systems
with vertical resisting elements with an elastic-perfectly plastic force-displacement
relationship, the centre of strength CS can be calculated as the centroid of the yield
strength of the resisting elements.

More complex is the evaluation of the centre of strength in multistorey buildings.
Although a direct reference to the strength centre is not explicitly made, in some
studies the whole building is schematised by an equivalent one-storey model in
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which the properties of each resisting element are determined from the base shear
force versus top displacement curves obtained by pushover analyses of the corre-
sponding plane frames (Anagnostopoulos et al. 2010). Consequently, the strength
centre can be determined as the centroid of the lateral strengths of these single-
storey resisting elements. According to the authors, the heightwise distribution of
the centres of strength CS can be obtained by a pushover analysis of the building
forced to translate along one direction. At each step of the pushover analysis, the
centre of strength at the ith storey is calculated as

xiCS D

nyP

jD1
V i
y;j xj

nyP

jD1
V i
y;j

I yiCS D

nxP

jD1
V i
x;j yj

nxP

jD1
V i
x;j

(12.11)

where V i
x;j and V i

y;j are the storey shear force resisted at the ith storey by the jth
frame arranged along the x- and y-directions, respectively. Note that the strength
eccentricity at each storey varies at each step of the pushover analysis because of
the progressive yielding of beams and columns. The first storey strength eccentricity
corresponding to the top displacement demand ureq can be assumed as representative
of the strength eccentricity of the whole building.

12.3.2 Ratio R� of the Elastic Strength Demand to the Actual
Strength of the Torsionally Balanced System

The ratio R� is an index of the expected plastic deformations of the system during
earthquakes (large values of R� correspond to large expected plastic deformation
demands). For one-storey systems, R� is defined as

R�;x D m Sae; x

Sx
I R�;y D m Sae; y

Sy
(12.12)

where m is the mass of the deck, Sae is the spectral pseudo-acceleration of the
corresponding balanced system and S is the total lateral strength of the resisting
elements.

For multistorey structures, the factor R� can be evaluated for both directions
as the ratio of the required elastic base shear to the base shear corresponding to
the displacement demanded by the earthquake. The elastic base shear Vel can be
calculated by a modal response spectrum analysis of the balanced system by means
of the elastic response spectrum; the base shear corresponding to the displacement
demand can be calculated by the pushover analysis of the building forced to translate
along one direction (see Sect. 12.3.1).
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12.4 Application of the Proposed Method to a Case Study

In this section the proposed nonlinear static method is applied to evaluate the
nonlinear seismic response of a five-storey building. This is an L-shaped building
with reinforced concrete framed structure. It is obtained by modifying the irregular
building studied in the context of the Italian national research project ReLuis (Bosco
et al. 2008b). The reinforced concrete frames are arranged along two orthogonal
directions, and their structural members are characterised by equal cross sections at
all the storeys. The mass centres are lined up along a vertical axis (xCM D 7.75 m,
yCM D 8.75 m). The layout, the position of the centre of mass CM and the size of
the beam and column cross sections are summarised in Fig. 12.2.

The storey height is equal to 3.5 m; the mass and the radius of gyration of
the mass rm with respect to the centre of mass are 250 t and 7.91 m (0.396 L),
respectively. The building is founded on soft soil (soil C according to Eurocode 8).

The seismic response of this building is first obtained by nonlinear dynamic
analysis. The seismic input is represented by a set of ten pairs of artificial accelero-
grams which act simultaneously along x- and y-directions. The accelerograms are
generated by the SIMQKE computer program and are modelled by a trapezoidal
envelope function with initial, central (stationary part) and final parts of 3, 22.5 and
5 s, respectively. The parameters for the calculation of the corrective eccentricities
(er, es, �� and R�) are determined, and the seismic response of the structure is
evaluated by the proposed nonlinear static procedure. Note that nonlinear static
methods can lead to errors which are not negligible also for plane frames (Bosco
et al. 2009b). When these methods are applied to in-plan asymmetric structures,
additional errors are committed due to the inaccuracy in the estimate of the torsional
response. The use of the corrective eccentricities proposed in this chapter aims at
improving the sole prediction of the torsional response. Therefore, to eliminate the
errors committed for plane systems, the displacement demand of the mass centre of
the top storey of the building ureq is determined as the average of the ten maximum
displacements evaluated by the nonlinear dynamic analysis of the corresponding
balanced system (i.e. the planar system). Then, each pushover analysis is arrested
when the displacement of the centre of mass of the asymmetric system is equal to
this displacement.

Finally, the obtained seismic response is compared to that resulting from
nonlinear dynamic analysis. Both the pushover and nonlinear dynamic analyses are
performed by SAP2000 computer program.

12.4.1 Evaluation of er; �™; es and R�

The analysed building is not strictly regularly asymmetric and, thus, it does not have
an elastic axis. To evaluate the rigidity eccentricities, in this chapter, the optimum
torsion axis is assumed as a reference axis. Its position (xCR D 6.61 m, yCR D 8.10 m)
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Fig. 12.2 Characteristics of the building: plan layout and member cross sections



12 Application of Nonlinear Static Method with Corrective Eccentricities. . . 183

Table 12.1 Elastic parameters of the analysed building

Storey xCR (m) yCR (m) rkx (m) rky (m)

5 6.28 7.89 12.05 7.64
4 6.42 8.04 11.94 7.71
3 6.46 8.14 11.91 7.74
2 6.60 8.16 11.86 7.77
1 7.00 8.06 11.63 7.83
Average 6.56 8.08 11.87 7.75
Optimum torsion axis 6.61 8.10 11.84 7.77

is calculated, according to the procedure proposed by Marino and Rossi (2004),
considering an inverted triangular distribution of forces. Further, to evaluate the
heightwise irregularity of the building, the centre of rigidity is calculated at each
storey as suggested by Bosco et al. (2008a). The coordinates of the centre of rigidity
are listed in Table 12.1 and compared to those of the optimum torsion axis. Note
that the rigidity centres, even though they are not strictly lined up along a vertical
axis, present a small variation along the height and are close to the optimum torsion
axis. The rigidity eccentricities are equal to erx D �1.14 m (about �0.05 L) and
ery D �0.65 m (about �0.03 L). Similarly, almost uniform values of the radii of
gyration of the lateral stiffness rk are obtained from the procedure proposed by
Bosco et al. (2008a); their average value is basically coincident with that obtained
by Eq. 12.9 (see Table 12.1). Finally, the ratios ��x and ��y of the torsional to
lateral frequencies of the corresponding torsionally balanced system are calculated
as the ratios of the radii of gyration of the stiffness rkx and rky to rm and are equal to
1.50 and 0.98, respectively.

To evaluate the centre of strength, two pushover analyses are performed. The
building is forced to translate along either the x- or y-direction. The pushover
analysis is performed by applying a distribution of forces proportional to the first
mode of vibration. At each step of the pushover analysis, the centre of strength at the
ith storey is calculated by Eq. 12.11 and the strength eccentricities are calculated as

eisx D xiCS � xCMI eisy D yiCS � yCM (12.13)

The strength eccentricities calculated at each step of the pushover analysis are
plotted versus the top displacement utop in Fig. 12.3. Note that for small values of
utop, the strength eccentricity varies because of the progressive yielding of beams
and columns. When the structure is pushed well into the plastic range of behaviour,
the strength eccentricity attains a constant value: the centre of strength does not
reach a stationary position only at the fifth storey of the building when the seismic
forces are applied along the x-direction. This is because only a few elements of this
storey are in the plastic range of behaviour when the top displacement is large. The
first storey strength eccentricities corresponding to the top displacement demand
ureq (ureq,y D 147.62 mm, ureq,x D 112.34 mm) are esx D 0.174 m (about 0.01 L)
and esy D�1.140 m (about �0.06 L) for seismic forces acting along the y- and x-
directions, respectively.
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Fig. 12.3 Strength eccentricities at each step of the pushover analysis: seismic forces in (a) x-
direction and (b) y-direction
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Fig. 12.4 Elastic and plastic required base shears: seismic forces in (a) x-direction and
(b) y-direction

To evaluate the factor R�, the elastic and the plastic base shear forces of
the balanced structure are evaluated (Fig. 12.4). The required elastic base shear
is calculated in both directions (Vel,x D 9,175 kN, Vel,y D 5,953 kN) by modal
response spectrum analysis of the balanced structure. The analysis is performed
with reference to the elastic response spectrum stipulated in Eurocode 8 for soil C
and characterised by a peak ground acceleration equal to 0.35 g. The plastic base
shear corresponding to the displacement demand (Vb,x D 2,679 kN, Vb,y D 1,464 kN)
is obtained by the pushover analysis of the building forced to translate along the
considered direction. The obtained values of R�,x and R�,y are 3.42 and 4.07,
respectively.

12.4.2 Prediction of the Seismic Response of the Structure

The seismic response of the asymmetric structure is calculated first by nonlinear
dynamic analysis. Then, the structure is analysed by the proposed nonlinear
static method. Based on the values of the parameters calculated in Sect. 12.4.1,
Eqs. 12.1, 12.2, 12.3, 12.4 and 12.5 provide the corrective eccentricities which are
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Fig. 12.5 Comparison between the in-plan distribution of absolute displacements provided by
nonlinear dynamic analysis and by the proposed nonlinear method: seismic forces in (a) x-direction
and (b) y-direction
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Fig. 12.6 Comparison between the heightwise distribution of absolute displacements provided by
nonlinear dynamic analysis and by the proposed nonlinear static method

ey1 D �1.056 m (about �0.05 L), ey2 D �0.729 m (about �0.04 L), ex1 D �0.011 m
(almost negligible) and ex2 D 1.030 m (0.05 L) for seismic forces along x- and y-
directions, respectively.

The comparison between the seismic response obtained by nonlinear dynamic
analysis and that predicted by the proposed nonlinear static method is shown in
Figs. 12.5 and 12.6 in terms of the in-plan distribution of the deck displacements at
each storey and the heightwise distribution of the displacements of the stiff and
the flexible edges of the structure, respectively. Both the figures show that the
results of nonlinear dynamic analysis are predicted well by the envelope of the
deck displacements provided by the two pushover analyses. The maximum error
is committed on the flexible side of the top storey for seismic forces applied along
the y-direction and is about 10% (Figs. 12.5b and 12.6b).
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Fig. 12.7 Comparison between the heightwise distribution of storey drifts provided by nonlinear
dynamic analysis and by the proposed nonlinear static method: seismic forces in (a) x-direction
and (b) y-direction

Finally, the comparison between the seismic response obtained by nonlinear
dynamic and static analyses is shown in Fig. 12.7 in terms of the heightwise
distribution of the storey drift at the stiff and flexible sides of the structure. The
storey drift along the x-direction is predicted accurately by the proposed method for
both sides of the deck at the 1st, 2nd and 3rd storeys, while it is underestimated
at the upper two storeys (Fig. 12.7a). The storey drifts along the y-direction of the
flexible side are generally slightly underestimated (Fig. 12.7b).

The storey drifts corresponding to the yielding of each column of the outermost
frames are calculated. These storey drifts are evaluated by considering an idealised
bilinear relationship for the force-displacement curve obtained according to the
procedure proposed in Bosco et al. (2008c). The axial force of the columns is
assumed equal to that produced by the gravity load of the seismic combination.
The heightwise distribution of the minimum value of the storey drift at yielding
calculated for the columns of the stiff and the flexible sides of the analysed structure
is plotted in Fig. 12.7. Note that storey drifts obtained by the proposed method are
underestimated only at the storeys where the structure is almost entirely in the elastic
range of behaviour.
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12.5 Conclusions

This chapter describes a nonlinear static method for the evaluation of the seismic
response of asymmetric systems and discusses about its application to asymmetric
multistorey buildings. The method requires a double application of the nonlinear
static analysis. In this chapter, the analysis of a five-storey L-shaped structure is
presented as an example. The comparison between the in-plan distribution of deck
displacements at each storey and storey drifts evaluated by the nonlinear dynamic
analysis and those evaluated by the proposed method shows the effectiveness of the
proposed method. To generalise this conclusion on the effectiveness of the corrective
eccentricities, the analysis of a reasonably wide set of multistorey structures would
be required.
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Chapter 13
A Multimode Pushover Procedure
for Asymmetric Buildings Under Biaxial
Seismic Excitation

Grigorios E. Manoukas, Asimina M. Athanatopoulou,
and Ioannis E. Avramidis

Abstract In this chapter, a new multimode pushover procedure is presented in
order to achieve an approximate estimation of structural performance of asymmetric
buildings under biaxial seismic excitation. The steps of the proposed methodology
are quite similar to those of the well-known modal pushover analysis. However,
the properties of the equivalent single-degree-of-freedom (E-SDOF) systems are
modified properly, in order to take into account multidirectional seismic effects.
The main scope of this methodology is to avoid additional errors introduced by
simplified superposition formulas adopted by codes. In addition, a reduction of the
computational cost as compared to other multimode procedures is achieved. After
a brief outline of the theoretical background, the sequence of steps needed for the
implementation of the proposed methodology is presented. Finally, the accuracy
of the proposed methodology is evaluated by an extensive parametric study, which
shows that, in general, it provides a useful and conservative design tool.

13.1 Introduction

Static pushover analysis (SPA) is a widely accepted procedure for the approximate
estimation of the inelastic performance of buildings under strong earthquake ground
motions. In the last decades, a series of more or less similar variants of the
procedure have been developed, some of which have been already adopted by
several seismic codes and prestandards (American Society of Civil Engineers 2008;
Applied Technology Council (ATC) 1996; European Committee for Standardization
2004, etc.). Engineering practitioners often prefer to apply SPA in order to avoid
the significant computational cost and the various inherent disadvantages of a more
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accurate inelastic dynamic analysis. Thus, SPA, or nonlinear static procedure (NSP)
as it is named in seismic codes, became a very popular and useful tool for the
earthquake-resistant design of new as well as the seismic rehabilitation of existing
buildings.

However, as it has already been stressed by many researchers (e.g., Krawinkler
and Seneviratna 1998; Goel and Chopra 2004), this procedure involves many
shortcomings and can provide reasonable results only for low- and medium-rise
planar systems. This is mainly due to the fact that the determination of the structure’s
response is based on the assumption that its dynamic behavior depends only on a
single elastic vibration mode. In addition, this elastic mode is supposed to remain
constant despite the successive formation of plastic hinges during the seismic
excitation. Also, the choice of roof displacement as reference displacement for
the determination of the pushover curve is arbitrary, and it is doubtful whether
the capacity curve is the most meaningful index of the nonlinear response of a
structure, especially for irregular and spatial systems. Therefore, various advanced
pushover procedures have been proposed to overcome some of these shortcomings,
e.g., modal pushover analysis (MPA) (Chopra and Goel 2001).

In the special case of asymmetric buildings under biaxial seismic excitation,
additional errors are introduced due to the application of simplified formulas
adopted by codes for taking into account multidirectional seismic effects (e.g.,
American Society of Civil Engineers 2008, Section 3.2.7; European Committee
for Standardization 2004, Section 4.3.3.5.1(6)). These formulas are based on the
superposition principle, although this approach lacks a theoretical basis in the
domain of inelastic response. In the literature, only few investigations concerning
this issue can be found. Some researchers (e.g., Fajfar et al. 2005) apply SPA
independently in two horizontal directions and use one of the aforementioned
formulas to combine the action effects, while others utilize more complicated
concepts (e.g., Fujii 2007; Lin and Tsai 2008).

The objective of this chapter is the presentation and preliminary evaluation
of a new multimode pushover procedure for the approximate estimation of the
seismic response of asymmetric buildings under biaxial excitation. Its main idea
is that the seismic response of an asymmetric multi-degree-of-freedom (MDOF)
system with N degrees of freedom under biaxial excitation can be related to the
responses of N “modal” equivalent single-degree-of-freedom (E-SDOF) systems
under uniaxial excitation. The whole procedure is quite similar to the well-known
MPA (Chopra and Goel 2001) as extended for asymmetric buildings (Chopra and
Goel 2004). However, the properties of the E-SDOF systems are modified properly,
in order to take into account multidirectional seismic effects. The main scope of
this methodology is to avoid additional errors introduced by applying simplified
superposition formulas. Furthermore, a reduction of the computational cost as
compared to other multimode procedures is achieved.

First, the theoretical background and the assumptions of the proposed method-
ology are presented and briefly discussed. Second, the steps to be followed for
its implementation are systematically presented. The accuracy of the proposed
methodology is evaluated by an extensive parametric study. The whole investigation
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shows that, in general, the proposed methodology provides a useful and conservative
alternative for the simplified inelastic seismic analysis of asymmetric buildings.
Finally, this chapter closes with comments on results and conclusions.

13.2 Theoretical Background

The linear elastic response of an L-story MDOF system with N degrees of freedom
(in the usual case of rigid diaphragms N D 3L) to independent uniaxial horizontal
seismic excitations üg(t)X and üg(t)Y along X- and Y-axes, respectively, is governed
by the following equations:

M Ru.t/;X C C Pu.t/;X C Ku.t/;X D �Mı;X Rug.t/;X (13.1)

M Ru.t/;Y C C Pu.t/;Y C Ku.t/;Y D �Mı;Y Rug.t/;Y (13.2)

where u(t),X , u(t),Y are the displacement vectors of the N degrees of freedom (trans-
lations or rotations) relative to the ground due to üg(t)X and üg(t)Y , respectively; M
is the N � N diagonal mass matrix; C and K are the N � N symmetric damping and
stiffness matrices, respectively; and ı,X, ı,Y are the influence vectors that describe
the influence of support displacements on the structural displacements. The u,X and
u,Y vectors (for the sake of simplicity, (t) is left out in all following expressions) are
given by the following equations:

u;X D ŒuX;XuY;X�z;X �
T (13.3)

u;Y D ŒuX;Y uY;Y �z;Y �
T (13.4)

where uX,X , uY,X , �z,X are the L � 1 vectors of displacements along X-axis, dis-
placements along Y-axis, and rotations around Z (vertical)-axis, respectively, due
to ügX , while uX,Y , uY,Y , � z,Y are the L � 1 vectors of displacements along X-axis,
displacements along Y-axis, and rotations around Z (vertical)-axis, respectively, due
to ügY . The influence vectors ı,X and ı,Y are given by the following relations:

ı;X D 

I 0 0
�T

(13.5)

ı;Y D 

0 I 0
�T

(13.6)

where I, 0 are L � 1 vectors with terms equal to unity and zero, respectively.
According to the superposition principle, the linear elastic response of the MDOF
system to a biaxial seismic excitation ügX along X-axis and ügY along Y-axis is
governed by the following equation:

M Ru C C Pu C Ku D �Mı;X RugX � Mı;Y RugY (13.7)
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where:

u D u;X C u;Y (13.8)

Pu D Pu;X C Pu;Y (13.9)

Ru D Ru;X C Ru;Y (13.10)

Taking into account the assumption that the two components of the biaxial
seismic excitation ügX and ügY are proportional to each other (ügY D �ügX D �üg)
and applying well-known principles of structural dynamics (modal analysis) N
uncoupled equations describing the response of N E-SDOF systems, each one
corresponding to an elastic vibration mode can be derived (Manoukas 2010):

M
�
XY i

RDi C 2M
�
XY i !i �i

PDi C VXY i D �M �
XY i Rug (13.11)

where !i, � i are the natural frequency and the damping ratio of mode i, respectively;
Di is the displacement of the corresponding E-SDOF system; VXYi is the sum of
modal base shear parallel to X-axis (VXi) plus modal base shear parallel to Y-axis
multiplied by � (�VYi); and M �

XY i is given by the following equation:

M
�
XY i D M

�
Xi C�.�X iLY i C �Y iLX i /C �2M

�
Y i (13.12)

where M �
Xi , M

�
Y i and �Xi, �Yi are the effective modal masses and the modal

participation factors of vibration mode i due to independent uniaxial excitations
along X- and Y-axes, respectively, while LXi, LYi are given by the following
expressions ('i is the modal vector of mode i):

LXi D ı;X
TM'i (13.13)

LY i D ı;Y
TM'i (13.14)

Furthermore, it can be proved that Di can be correlated to the displacement of the
Nth degree of freedom uNi as follows:

Di D uNi
�XY i'Ni

(13.15)

where 'Ni is the Nth term of 'i and:

�XY i D �Xi C ��Y i (13.16)

Equation 13.11 shows that the linear elastic response of a MDOF system
with N degrees of freedom subjected to a biaxial seismic excitation ügX and
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ügY D �ügX D �üg along X- and Y-axes, respectively, can be expressed as superpo-
sition of the responses of N SDOF systems under uniaxial excitation üg, each one
corresponding to a vibration mode having mass equal to M �

XY i , displacement equal
to Di, and elastic resisting force equal to VXYi.

In the inelastic range of behavior, some basic assumptions have to be made,
keeping always in mind that our main intention is the development of an approx-
imate, simplified procedure. A major assumption is that the response of a MDOF
system can be expressed as superposition of the responses of appropriate SDOF
systems just like in the linear range. Of course, such an assumption violates the
very logic of nonlinearity, as the superposition principle does not apply in nonlinear
systems. However, it must be thought as a fundamental postulate, which constitutes
the basis on which many simplified pushover procedures are built. Thus, each SDOF
system corresponds to a vibration “mode” i with “modal” vector 'i (the quotation
marks indicate that the application of the superposition principle is not strictly
valid). The displacements ui and the inelastic resisting forces Fsi are supposed to
be proportional to 'i and M'i, respectively. Furthermore, “modal” vectors 'i are
supposed to be constant, despite the successive development of plastic hinges. Also,
it is supposed that Rayleigh damping is present. Obviously, Eqs. 13.8, 13.9, and
13.10 are not valid anymore; however, it is reasonable to assume that the effective
earthquake forces are given by the right side of Eq. 13.7. Thus, the nonlinear
response of a MDOF system with N degrees of freedom to a biaxial earthquake
ground motion (ügX and ügY D �ügX D �üg) may be described by the following
equation:

M Ru C C Pu C Fs D �Mı;X RugX � Mı;Y RugY (13.17)

The only difference between Eqs. 13.17 and 13.7 is that the resisting forces Fs

(i.e., the forces that would have to be applied to the structure in order to obtain
displacements u) cannot be expressed as linear functions of the displacements u,
because the coefficients of stiffness matrix K do not remain constant during the
loading process. However, due to the aforementioned assumptions, modal analysis
is applicable even for the inelastic range of behavior, and it can be proved that
Eq. 13.11 is still valid.

13.3 The Proposed Methodology

From the analysis presented above, it becomes clear that – due to some basic as-
sumptions – the nonlinear response of an asymmetric building under biaxial seismic
excitation can be decomposed into a number of responses of “modal” E-SDOF
systems under uniaxial excitation, each one corresponding to a vibration mode.
These assumptions are nearly identical to those of MPA. The only additional as-
sumption introduced is that the two horizontal seismic components are proportional
to each other. The proposed methodology is based on the aforementioned concept,
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Table 13.1 Properties of the ith E-SDOF system

Property Uniaxial excitation ügX Biaxial excitation RugX C � RugY
Mass M�

Xi M�

XY i D M�

Xi C �.�X iLY i C�Y iLX i /C�2 M�

Y i

Resisting force VXi VXY i D VXi C ��Y i
Displacement Di D uNi =�Xi'Ni (roof

displacement uNi)
Di D uNi =�XY i'Ni D uNi =.�Xi C ��Y i / 'Ni

(roof displacement uNi)
Damping factor 2M�

Xi !i �i 2M�

XY i !i �i

and its application process resembles the one of MPA. However, the definition
of the E-SDOF systems is quite different, for the purpose of taking into account
multidirectional seismic effects. In Table 13.1, the properties of the ith “modal”
E-SDOF system are tabulated, along with the properties that it would have in case
of uniaxial excitation (parallel to X-axis).

The proposed methodology should be implemented for all possible combinations
of the seismic components. In particular, the following four combinations should be
examined:

RugX C � RugY (13.18)

RugX � � RugY (13.19)

RugY C � RugX (13.20)

RugY � � RugX (13.21)

where � may be taken equal to 0.3 in consistence with relevant code provisions
(e.g., American Society of Civil Engineers 2008, Section 3.2.7.1). The equations
derived by the process presented in the previous paragraphs have to be modified
proportionately. It can be easily proved – by simple implementation of the process –
that the consideration of the four combinations with opposite sign (e.g., �ügX � �ügY

instead of ügX C �ügY ) leads to identical properties for the E-SDOF systems, so they
can be skipped.

The steps needed for the implementation of the proposed methodology are as
follows:

Step 1: Create the structural model.
Step 2: Calculate �XY1 (Eq. 13.16) and M �

XY1 (Eq. 13.12) of the fundamental
elastic vibration mode 1 for the first combination of seismic components
(ügX C �ügY ).

Step 3: Apply to the structural model a set of lateral incremental forces (and
moments) proportional to the vector M'1 of the fundamental elastic
vibration mode 1 and determine the (resisting force)-(displacement) curve
VXY1 � uN1 of the MDOF system. uN1 can be chosen to correspond to any
degree of freedom, but usually the roof displacement parallel to X- or Y-
axis is used.
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Step 4: Divide the abscissas of the VXY1 � uN1 diagram by the quantity
�XY1'N1 D uN1/D1 and determine the (resisting force)-(displacement)
curve VXY1 � D1 of the E-SDOF system.

Step 5: Idealize VXY1 � D1 to a bilinear curve using one of the well-known graphic
procedures (e.g., American Society of Civil Engineers 2008, Section
3.3.3.2.5) and calculate the period T1 and the yield strength reduction
factor R1 of the E-SDOF system corresponding to mode 1.

Step 6: Calculate the target displacement of mode 1 using one of the well-
known procedures of displacement modification (e.g., American Society
of Civil Engineers 2008, Section 3.3.3.3.2; Federal Emergency Manage-
ment Agency – Applied Technology Council (ATC) 2004, Section 10.4). If
the procedure is applied for research purposes using recorded earthquake
ground motions, it is recommended to estimate the inelastic displacement
of the E-SDOF system by means of nonlinear dynamic analysis, instead of
using the relevant coefficients given in various official documents (e.g., C1

in ASCE 41-06 and FEMA 440). This is due to the fact that the coefficient
values given in such documents are based on statistical processing of data
with excessive deviations and, therefore, large inaccuracies might result
(Manoukas et al. 2006).

Step 7: Calculate the “modal” values of the other response quantities of interest
(drifts, plastic rotations, etc.) of mode 1 by conducting pushover analysis
up to the already calculated target displacement.

Step 8: Repeat steps 3–7 applying the incremental forces (and moments) in the
opposite direction.

Step 9: Repeat steps 2–8 for an adequate number of modes.
Step 10: Calculate the extreme values of response parameters by utilizing one of

the well-established formulas of modal superposition (SRSS or CQC).
Step 11: Repeat steps 2–10 for all possible combinations of the two horizontal

components of the seismic excitation.

In general, if n is the number of modes taken into account, 2n pushover analyses
have to be implemented (step 3) for the two possible directions of the applied
lateral loads (according to step 8). Also, 2n target displacements (steps 4–6) and
2n “modal” values (step 7) of response parameters have to be calculated for each
combination examined. Finally, 2n extreme values (step 10) of response parameters
are produced for each combination (2nC2 extreme values for all combinations).
It is worth noticing that when a multimode pushover procedure (e.g., MPA) is
applied independently in two orthogonal directions and the multidirectional seismic
effects are taken into account by using SRSS formula or ASCE 41-06 (Sect. 3.2.7)
provision, the number of resulting extreme values of the response parameters is
22n or 22nC1, respectively. It is obvious that with increasing n, (n � 2), a significant
reduction of the computational cost is achieved by using the proposed procedure
(2nC2 extreme values instead of 22n or 22nC1).
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13.4 Evaluation of the Proposed Methodology

As a first step for the evaluation of the accuracy of the proposed methodology, an
extensive parametric study is carried out. In particular, the methodology is applied
to five single-story asymmetric R/C buildings (Fig. 13.1 and Tables 13.2 and 13.3)
with different values of double normalized eccentricities e/r D eX/r D eY /r (where
eX , eY are the distances between center of mass CM and center of rigidity CR and
r is the radius of gyration) ranging between 0.10 and 0.50. The modeling of the
inelastic behavior of the buildings is based on the following assumptions:

1. Shear failure is precluded.
2. The inelastic deformations are concentrated at the bases of the columns (plastic

hinges).
3. Strength and stiffness along the weak side of column sections are neglected.
4. Plastic hinges are modeled by bilinear elastic-perfectly plastic (moments)-

(rotations) diagrams.
5. The (bending moment)-(axial force) interaction is neglected.

Fig. 13.1 Plan of
single-story R/C asymmetric
buildings

Table 13.2 Data of single-story asymmetric R/C buildings

Story height (m) 3
Column cross sections (cm) 25/50
Restraints Columns fixed at base
Constraints Diaphragm at roof level
Seismic mass (t) 36
Mass moment of inertia (tm2) 156
Damping ratio (%) 5
Gravity loads Not considered
Concrete C16/20 ( fck D 16 MPa)
Available plastic rotations (rad) 0.04
Yield moments (kNm) 30 (C1, C2, C3) or 50 (C4, C5)
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Table 13.3 Dynamic characteristics of single-story asymmetric R/C buildings

Periods (s) Modal vectors PMC PM–

T1 '1
T D [ux1, uy1, � z1] �xy1 Mxy1

*(t) �xy1 Mxy1
*(t)

Normalized
eccentricity
e/r T2 '2

T D [ux2, uy2, � z2] �xy2 Mxy2
*(t) �xy2 Mxy2

*(t)

0.10 0.302 [1, �0.012, �0.019] 0.986 35.08 1:010 36.80
0.247 [0.015, 1, 0.035] 1.009 36.87 �0:980 34.75

0.20 0.304 [1, �0.047, �0.039] 0.944 32.37 1:038 39.15
0.250 [0.058, 1, 0.065] 1.036 39.48 �0:922 31.24

0.30 0.308 [1, �0.105, �0.060] 0.872 28.09 1:076 42.81
0.253 [0.127, 1, 0.086] 1.076 43.66 �0:833 26.16

0.40 0.313 [1, �0.180, �0.082] 0.772 22.77 1:112 47.25
0.257 [0.215, 1, 0.098] 1.117 48.88 �0:722 20.39

0.50 0.320 [1, �0.267, �0.104] 0.656 17.32 1:133 51.67
0.261 [0.313, 1, 0.102] 1.148 54.26 �0:601 14.88

Table 13.4 List of seismic excitations

Excitation Date Magnitude (Ms) PGA (m/s2) PSA (m/s2)

Aeghio (longitudinal) 06/15/1995 6:4 4.918 12:099

Aeghio (transverse) 5.326 14:157

Thessaloniki (longitudinal) 06/20/1978 6:5 1.389 4:477

Thessaloniki (transverse) 1.430 4:809

Alkyonides (longitudinal) 02/24/1981 6:7 2.336 6:023

Alkyonides (transverse) 2.989 8:155

Kalamata (longitudinal) 09/13/1986 6:0 2.170 6:648

Kalamata (transverse) 2.913 10:125

Patras (longitudinal) 07/14/1993 5:5 1.402 4:455

Patras (transverse) 3.936 12:151

Pirgos (longitudinal) 03/26/1993 5:5 1.466 5:887

Pirgos (transverse) 4.455 7:705

The predefined values of normalized eccentricities are achieved by proper selec-
tion of the CM position. Of course, these simple buildings are not representative of
all types of structural systems. However, such models are widely used in literature
and seem to be appropriate for studying the response of asymmetric buildings (De
la Llera and Chopra 1996). The whole investigation comprises 12 accelerograms
recorded in Greece (Table 13.4). It is considered that each ground motion acts
simultaneously along the two horizontal axes with the same intensity, i.e., �D 1 and
ügX D ügY . As a consequence, the possible combinations of the seismic components
are only two: ügX C ügY (PMC) and ügX � ügY (PM�). For each building, two sets
of pushover analyses are performed: (1) one based on the proposed methodology
(PM) and (2) a second similar to MPA (conventional procedure – CP), which
comprises pushover analyses of the examined buildings for independent uniaxial
excitations along X- and Y-axes and linear addition of the response quantities. The
assumptions and steps of the CP are nearly identical to those of the PM, except that
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Fig. 13.2 Mean errors (%) of CM displacements along X-axis

step 11 is obviously skipped and in steps 2–4, �Xi, M �
Xi , VXi or �Yi, M �

Y i , VYi are
used in place of �XYi, M �

XY i , VXYi. In both sets of pushover analyses, the first two
vibration modes are taken into account and the “modal” superposition is conducted
by applying the SRSS formula. It is worth noticing that the applied load pattern for
each mode comprises lateral forces along X- and Y-axes as well as torsional moment
around Z (vertical)-axis. The maximum “modal” response of each E-SDOF system
is calculated by means of nonlinear dynamic analysis for each excitation. Then, the
target displacement is estimated by multiplication of the resulting response by the
quantity �XYi'Ni (PM) and �Xi'Ni or �Yi'Ni (CP).

The response quantities of the buildings are compared to those obtained by
nonlinear response history analysis (NL-RHA), which is considered as the reference
solution. Each accelerogram is considered acting simultaneously along the two
horizontal axes in all possible combinations (ügX C ügY , ügX � ügY , � ügX C ügY ,
and � ügX � ügY ). In Figs. 13.2, 13.3, 13.4, 13.5, 13.6 and 13.7, the mean errors
for the 12 excitations (with regard to the maximum values obtained by NL-RHA)
of displacements of characteristic points (CM, C4, and C5 along X-axis and CM,
C2, and C3 along Y-axis) are shown. Notice that the positive sign (C) means that
response parameters obtained by PM or CP are greater than those obtained by
NL-RHA. Conversely, the negative sign (�) means that the response parameters
are underestimated. It is obvious that PM provides an upper-bound and a lower-
bound value for each response parameter. The exact value (NL-RHA) in most cases
(29 of 30) lies in this range. The mean error of the more conservative combination
(PM C or PM�) does not exceed 13%. On the other hand, CP in many cases results
in nonconservative response values (negative errors).
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Fig. 13.3 Mean errors (%) of C4 displacements along X-axis
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Fig. 13.4 Mean errors (%) of C5 displacements along X-axis

13.5 Conclusions

A new multimode pushover procedure for the approximate estimation of the seismic
response of asymmetric buildings under biaxial excitation is presented in this
chapter. Its main idea is that the seismic response of an asymmetric building under
biaxial excitation can be related to the responses of a series of “modal” E-SDOF
systems under uniaxial excitation. The whole procedure is quite similar to the
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Fig. 13.5 Mean errors (%) of CM displacements along Y-axis
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Fig. 13.6 Mean errors (%) of C2 displacements along Y-axis

well-known MPA. However, the properties of the E-SDOF systems are modified
properly in order to take into account multidirectional seismic effects. From the
presentation and the evaluation of the proposed method, the following conclusions
can be derived:

1. Errors due to the application of simplified directional combination formulas to
obtain bidirectional action effects are avoided.

2. A significant reduction of the computational cost as compared to other multimode
pushover procedures is achieved.
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Fig. 13.7 Mean errors (%) of C3 displacements along Y-axis

3. The proposed methodology provides for each response parameter an upper limit
and a lower limit which in most cases bound the exact value obtained by
NL-RHA.

4. The results of the proposed methodology are conservative (mean error does not
exceed 13%). On the contrary, the results produced by the conventional pushover
procedure lead in many cases in nonconservative estimation of response values.

However, despite the fact that no restrictions are set to the development of
the proposed methodology, generalization of the above conclusions to all types
of asymmetric buildings requires further investigation, comprising application to a
large variety of spatial structures and using an adequately high number of earthquake
ground motions.
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Chapter 14
Three-Dimensional Modal Pushover Analysis
of Unsymmetric-Plan Buildings Subjected
to Two Components of Ground Motion

Juan C. Reyes and Anil K. Chopra

Abstract The original modal pushover analysis (MPA) to estimate seismic
demands due to one component of ground motion is extended to consider two
horizontal components simultaneously in three-dimensional analysis of buildings
and to estimate internal forces and plastic hinge rotations directly from pushover
analyses. Subsequently, the accuracy of the three-dimensional modal pushover
analysis (MPA) procedure in estimating engineering demand parameters (EDPs) is
evaluated. Eight low- and medium-rise structures were considered. Four intended
to represent older buildings were designed according to the 1985 Uniform Building
Code, while four other designs intended to represent newer buildings were based on
the 2006 International Building Code. Median EDP values for these buildings to 39
two-component ground motions, scaled to two intensity levels, were computed by
MPA and nonlinear response history analysis (RHA) and then compared. Even for
these ground motions that deform the buildings significantly into the inelastic range,
the MPA offers sufficient degree of accuracy. It is demonstrated that the PMPA, a
variant of the MPA procedure, for nonlinear systems is almost as accurate as the
well-known standard response spectrum analysis procedure is for linear systems.
Thus, for practical applications, the PMPA procedure offers an attractive alternative
to nonlinear RHA, whereby seismic demands can be estimated directly from the
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(elastic) design spectrum. In contrast, the nonlinear static procedure specified in
the ASCE/SEI 41-06 standard is demonstrated to grossly underestimate seismic
demands for some of the unsymmetric-plan buildings considered.

14.1 Introduction

Traditional nonlinear static procedures underestimate seismic demands in interme-
diate and upper stories of medium- and high-rise buildings where higher-“mode”
contributions to response can be significant and do not consider torsional contri-
butions to the response for unsymmetric-plan buildings. Starting in 1997, various
researchers have extended pushover analysis to unsymmetric-plan buildings. By
applying a height-wise distribution of lateral forces—typical of standard planar
pushover analysis—at the floor centers of mass, an approximate nonlinear static
analysis procedure was developed (Kilar and Fajfar 1997). A second procedure
consists of two steps: (1) three-dimensional elastic response spectrum analysis
to determine roof displacement and height-wise distribution of lateral forces for
each resisting element (frames, walls, etc.) and (2) planar pushover analysis of
each resisting element (Moghadam and Tso 1998). Other studies have focused
on the special interaction between walls and frames in pushover analysis of wall-
frame structures (De Stefano and Rutenberg 1998). Another paper investigated the
accuracy of applying lateral forces at different locations in the plan of unsymmetric
buildings (Faella and Kilar 1998). By combining lateral displacements from nonlin-
ear static analysis with the torsional effects from response spectrum analysis (RSA)
of a three-dimensional linear model of the building, the N2 method for simplified
analysis of unsymmetric-plan buildings was developed (Fajfar et al. 2005). The few
comparisons of pushover analysis results with nonlinear RHA give the impression
of limited success.

Because the modal pushover analysis (MPA) procedure is rooted in struc-
tural dynamics theory, this procedure can be generalized to unsymmetric-plan
buildings without introducing any additional approximations (Chopra and Goel
2004). Although it was demonstrated that the MPA estimate of seismic demand is
accurate for unsymmetric systems to a similar degree for a symmetric building, this
conclusion was based on a very limited investigation, comparing the MPA estimate
of demand (story drifts) and its exact value determined by nonlinear RHA for three
mass-eccentric structural systems with different degrees of coupling between lateral
and torsional motions subjected to a single ground motion. The MPA procedure
has been restricted to determine seismic demands due to a single component
of ground motion, although at least the two horizontal components of ground
motion should be considered in computing seismic demands by three-dimensional
analysis of multistory buildings. To address this issue, Reyes and Chopra (2011a)
extends the MPA procedure to three-dimensional analysis of buildings—symmetric
or unsymmetric in plan—subjected to two horizontal components of ground motion,
simultaneously.
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This investigation (Reyes 2009; Reyes and Chopra 2011b) evaluates the accuracy
of the practical MPA procedure in estimating seismic demands for unsymmetric-
plan buildings subjected to two horizontal components of ground motions, simulta-
neously, and comparatively evaluates the accuracy of the practical MPA procedure
and the nonlinear static procedures specified in ASCE/SEI 41-06 (ASCE and SEI
2007), a building evaluation standard.

14.2 Structural Systems and Modeling

14.2.1 Structural Systems

The structural systems considered are three- and nine-story steel buildings with
ductile frames. Four buildings intended to represent older buildings were designed
according to the 1985 Uniform Building Code (UBC85), while four other designs
intended to represent modern buildings were based on the 2006 International
Building Code (IBC06). The plans of the selected buildings are shown in Fig. 14.1,
where the moment-resisting frames are highlighted. The buildings are identified by
the letters A, B, and C followed by the number of stories and the design code: plan A
is rectangular with two axes of symmetry; plan B is symmetric about the y axis; and

A03 UBC85

a b c d

B03 UBC85 C03 UBC85 C09 UBC85 

A03 IBC06 B03 IBC06 C03 IBC06 C09 IBC06

xcm

xcm

C.M.

C.M.
C.M.*

30’

x 

y 

x 

y 

Fig. 14.1 Schematic plans of the selected structural systems: (a) A03 buildings, (b) B03 buildings,
(c) C03 buildings, and (d) C09 buildings designed according to UBC85 (upper row) and IBC06
(lower row); moment-resisting frames are highlighted
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plan C is unsymmetric about both x and y axes. The buildings have similar plan areas
and floor weights, with a span length of 30 ft and a story height of 13 ft. Design code
forces for the buildings, assumed to be located in Bell, CA (33.996 N, 118.162 W),
were determined, but their member sizes were governed by drift instead of strength
requirements (Reyes 2009).

14.2.2 Modeling

Nonlinear RHA, MPA, and code pushover analyses were implemented for these
buildings using the PERFORM-3D computer program (Computers and Structures
CSI 2006) modeled with the following features: (1) Beams and columns were mod-
eled by a linear element with trilinear plastic hinges at the ends of the elements that
include in-cycle strength deterioration, but not cyclic stiffness degradation. Axial
load-moment interaction for the columns was represented by plasticity theory; (2)
Panel zones were modeled as four rigid links hinged at the corners with a rotational
spring that represents the strength and stiffness of the connection (Krawinkler 1978);
(3) ductility capacities of girders, columns, and panel zones were specified accord-
ing to the ASCE/SEI 41-06 standard (ASCE and SEI 2007); (4) columns of moment-
resisting frames were assumed to be fixed at the base, whereas gravity columns
were considered pinned at the base; (5) the geometric nonlinear effects were
considered by a standard P-Delta formulation for both moment and gravity frames;
and (6) damping of these buildings was modeled by Rayleigh damping with its two
constants selected to give 2% damping ratio at the fundamental period of vibration
T1 and a period of 0.2T1. The damping ratios for the first three vibration modes
range from 1.6 to 2.0% and from 1.5 to 2.0% for the UBC85 and IBC06 buildings,
respectively.

14.2.3 Natural Vibration Periods and Modes

Figure 14.2 showing the first three natural vibration periods and modes (only roof
motion is shown) of the UBC85 buildings permits the following observations. (1)
Lateral displacements dominate motion of the A03 UBC85 building in modes 1 and
2, whereas torsion dominates motion in the third mode, indicating weak coupling
between lateral and torsional components of motion. Additionally, the period of
the dominantly torsional mode is much shorter than the periods of the dominantly
lateral modes, a property representative of buildings with moment-resisting frames
located along the perimeter of the plan. (2) Torsional rotations dominate motion in
the first mode of the C03 and C09 UBC85 buildings, whereas lateral displacements
dominate motion in the second mode, indicating weak coupling between lateral and
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B03 UBC85

C03 UBC85

C09 UBC85

Mode 1 Mode 2 Mode 3

C.M.

T1=1.34 sec T2=1.29 sec T3=0.80 sec

T1=1.10 sec

T1=1.32 sec

T2=0.96 sec

T2=0.93 sec

T3=0.89 sec

T3=0.85 sec

T1=2.50 sec T2=2.31 sec T3=2.12 sec

Fig. 14.2 First triplet of periods and modes of vibration of UBC85 buildings (only roof motion is
shown)
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Table 14.1 Selected values of A(T1) corresponding to two ground motion intensities

UBC buildings IBC buildings

Intensity A03 B03 C03 C09 A03 B03 C03 C09

Intensity1(i1) 0.49 g 0.56 g 0.50 g 0.23 g 0.49 g 0.56 g 0.57 g 0.25 g
Intensity2(i2) – – – 0.34 g – – – 0.51 g

torsional motions for these two modes; the first three periods of the C09 UBC85
building are close to each other. (3) coupled lateral-torsional motions occur in modes
1 and 2 of the B03 UBC85 building, which have similar vibration periods.

The first three vibration periods and modes of the IBC06 building, shown in
Reyes and Chopra (2011b), permit the following observations: (1) IBC06 reduces
significantly the torsional motions that develop in unsymmetric-plan buildings
designed in accordance with UBC85 and other older codes; (2) lateral displacements
dominate the motion of all IBC06 buildings in their first two modes, whereas tor-
sional rotations dominate motion in the third mode; (3) the period of the dominantly
torsional mode is much shorter than that of the dominantly lateral modes, indicating
that the modern code provisions result in torsionally stiff buildings; and (4) for the
C03 and C09 IBC06 buildings, the vibration periods are very close to each other in
the first and second modes (with motion along a diagonal).

The selected buildings cover a broad range of lateral-torsional coupling cases to
test the MPA procedure over a wide variety of conditions.

14.3 Ground Motions

Thirty-nine ground acceleration records from 14 different earthquakes with mag-
nitudes ranging from 6.5 to 7.6 were selected for this investigation (see Reyes
(2009) for this list) and scaled by the procedure presented in Reyes and Chopra
(2011a). Table 14.1 lists the values of A(T1), the pseudo-acceleration at the
fundamental period T1, selected to define ground motion ensembles for two
intensities: intensity i1 is defined by A(T1)2%/50 corresponding to the seismic
hazard spectrum with 2% probability of exceedance in 50 years (return period of
2,475 years) for the selected site. In addition to evaluating the MPA and PMPA
procedures for the aforementioned ground motions, which already represent a low-
exceedance-probability hazard for a highly seismic region, intensity i1 records
were scaled by factors of 1.5 and 2.0 for the C09 UBC85 and C09 IBC06
buildings, respectively, to test the procedure for extreme seismic hazard. The scaled
ground motions—identified as intensity i2 records—drive both groups of buildings
significantly into the inelastic range; the median roof displacement exceeds the
yield displacement (of the modal pushover curve) by a factor of about two
(Reyes 2009).
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14.4 Evaluation of Practical MPA

The practical MPA (PMPA) procedure described in Reyes and Chopra (2011a)
permits estimation of seismic demands directly from the elastic design spectrum.
The median value of the peak deformation of the nth-mode SDF system that is
needed to obtain the reference displacement for pushover analysis is estimated from
the spectrum, without nonlinear RHA, and the structure is treated as linearly elastic
in estimating the seismic demand contributions of “modes” higher than the first
three; this approximation has been demonstrated to be valid for the unsymmetric-
plan systems considered here (Reyes 2009).

In this section, the accuracy of PMPA in estimating seismic demands is evaluated
in two stages: first, the floor displacements and story drifts at the C.M. estimated in
steps 1–10 of PMPA (Reyes and Chopra 2011a) are evaluated, followed by story
drifts, plastic hinge rotations, and member forces at the “stiff” and “flexible” sides
of the buildings estimated from the story drifts at C.M. in steps 11–12 of MPA.

14.4.1 Floor Displacements and Story Drifts at the C.M.

Figures 14.3 and 14.4 present the median values of floor displacements and
story drifts at the C.M., determined by the nonlinear RHA, MPA, and PMPA
procedures for the UBC85 and IBC06 buildings, respectively. Results for two
different intensities of ground motion are included for the C09 buildings. In general,
PMPA provided a larger estimate of seismic demands compared to MPA because it
overestimated the median value of the peak deformation of the nth-mode inelastic
SDF system, as shown in Table 14.2, where the ratio of the empirical value of
ODn and the median of the Dn values determined by nonlinear RHA for the first

“mode” of the UBC85 buildings associated with x- and y-components of ground
motion is shown in Table 14.2. This is to be expected for the systems considered
because the empirical equation for the inelastic deformation ratio CRn does not
permit values below 1.0, whereas the exact data does fall below 1.0 (Chopra and
Chintanapakdee 2004). The PMPA generally provided a more accurate estimate
of seismic demand for those cases where MPA underestimated demand (relative
to nonlinear RHA), but a less accurate estimate for cases where MPA already
overestimated the demand. For most of the analyzed cases, the PMPA procedure
tends to overestimate floor displacements and story drifts, especially for the A03
UBC85 and A03 IBC06 buildings subjected to i1-intensity ground motions and
the C09 IBC06 building subjected to i2-intensity ground motions. The height-wise
average discrepancy in story drifts is 27, 13, 13, 5, and 7% for the A03, B03,
C03, and C09 with i1-intensity and C09 with i2-intensity UBC85 buildings, respec-
tively, and 21, 25, 10, 12, and 20% for the A03, B03, C03, and C09 with i1-intensity
and CO9 with i2-intensity IBC06 buildings, respectively. Such overestimation is
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Fig. 14.3 Median floor displacements (columns 1–2) and story drifts (columns 3–4) at the C.M.
of the UBC85 buildings determined by nonlinear RHA, MPA, and PMPA. Two ground motion
intensities (i1 and i2) are included for the C09 buildings
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Table 14.2 Ratio of ODn determined by empirical equa-
tion for CR n and by nonlinear RHA of SDF systems

UBC85 buildings

Component A03 B03 C03 C09 il C09 i2

x 1.37 1.16 1.24 1.10 1.20
y 1.39 1.19 1.19 1.11 1.29

C09 UBC85

c2

g2
c1

g1

p: point 

g: girder 

c: column

+: C.M. 

×: C.S. 

×

Fig. 14.5 Schematic plans of
the C09 UBC85 building with
girder 1, girder 2, column 1,
column 2, center of mass, and
center of stiffness noted

justified in designing new buildings and in evaluating existing buildings. Reyes
and Chopra (2011b) demonstrates that PMPA procedure for inelastic systems is
almost as accurate as RSA is for linearly elastic systems in estimating story drifts at
the C.M.

14.4.2 Other Response Quantities

Next we estimate plastic hinge rotations and member forces in frames located
at the edges of the buildings. Only results for the C09 UBC85 building are
included here; additional results are available in (Reyes and Chopra 2011b).
The selected locations as well as the center of mass (C.M.) and center of
stiffness (C.S.) at the roof of the C09 UBC85 building are shown in Fig. 14.5.
Plastic hinge rotations and member forces are presented for the frames located
on the “flexible” side of the plan (girder g1 and column c2) and for frames
close to the C.M. (column c1 and girder g2) to further test the PMPA
procedure.

The story drifts, plastic hinge rotations, and member forces at plan locations
defined above were estimated from the story drifts at the C.M. calculated by PMPA
(Figs. 14.3 and 14.4) by implementing steps 11 and 12 of the MPA procedure (Reyes
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Fig. 14.6 Median shear force, bending moment, and plastic hinge rotation for girders 1 and 2 and
columns 1 and 2 (identified in Fig. 14.6) of the C09 UBC85 building determined by nonlinear RHA
and PMPA

and Chopra 2011a) and compared with the “exact” results from nonlinear RHA;
see Fig. 14.6. The shear forces, bending moments, and plastic hinge rotations in
the girders and columns, identified in Fig. 14.5, were estimated conservatively in
most cases (Fig. 14.6). Plastic hinge rotations are generally overestimated in frames
located on the “flexible” side of the building and underestimated in those located at
the “stiff” side, e.g., compare Fig. 14.6i with 14.6j. In most cases, PMPA provides
accurate estimates of shear forces and bending moments in frames located on both
the “stiff” and “flexible” sides (Fig. 14.6a–f). The error in internal forces is generally
smaller than the error in hinge rotations because internal forces increase slowly with
hinge rotation for members that deform beyond the elastic limit at both ends. As
a result, even a large error in the hinge rotation leads to only small error in the
computed internal forces.
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14.5 Comparative Evaluations of ASCE/SEI 41-06
and MPA Procedures

14.5.1 ASCE/SEI 41-06 Nonlinear Static Procedure

The nonlinear static procedure (NSP) in ASCE/SEI 41-06 (ASCE and SEI 2007)
requires developing pushover curves by nonlinear static analysis of the structure,
subjected first to gravity loads, followed by monotonically increasing lateral forces
with an invariant height-wise distribution proportional to the first mode of vibration
of the structure until the roof displacement at the C.M. reaches the specified target
displacement. This procedure was implemented here with one modification: the
target displacement was not determined by the equations in ASCE/SEI 41-06, but
was taken equal to the MPA value to ensure a meaningful comparison of the two
sets of results.

14.5.2 Comparative Evaluation of ASCE/SEI 41-06
and MPA Procedures

Figure 14.7 shows median values of the x- and y-components of story drifts at
the C.M. for the UBC85 and IBC06 buildings due to the two components of
ground motion, simultaneously. A comparison between Figs. 14.7 and 14.3–14.4
demonstrates that MPA provides much superior results for the B03, C03, and
C09 UBC85 buildings—which exhibit strong coupling of lateral-torsional motions
and closely spaced periods (Fig. 14.2)—compared to the code. The ASCE/SEI
41-06 force distributions grossly underestimated the story drifts for the C03 and
C09 UBC85 buildings (Fig. 14.7a, rows 3, 4, and 5) and for the C09 IBC06
building, especially in the upper stories (Fig. 14.7b, rows 4 and 5). In contrast,
the MPA procedure provided a much better estimate of story drift demands in the
upper stories of these buildings (Figs. 14.3 and 14.4), because it includes all three
components of forces in pushover analysis and higher-“mode” contributions to the
response. Note that these higher-“mode” contributions are especially significant
for the nine-story building (see Figures 5.21 and 5.22 in Reyes (2009)) and the
MPA procedure accounted for them, providing excellent estimates of story drifts
(Fig. 14.5, rows 4 and 5). Because the response of the A03 UBC85, A03 IBC06,
and B03 IBC06 buildings is dominated by the first “mode” (see Figure 5.12 in
Reyes (2009)), in which the motion is dominantly translational, the ASCE 41-
06 force distribution is adequate (Fig. 14.7a, row 1; and Fig. 14.7b, rows 1
and 2).
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14.6 Conclusions

The median seismic demands for eight low- and medium-rise, unsymmetric-plan
steel moment-resisting frame buildings designed according to the UBC85 and
IBC06 codes, subjected to an ensemble of 39 two-component ground motions, were
computed by MPA, PMPA, and nonlinear RHA procedures. The presented results
led to the following conclusions:

• Story drifts are generally overestimated by the PMPA procedure in frames
located on the “flexible” side of the building and estimated accurately in those
located on the “stiff” sides. In most cases, the PMPA procedure provides accurate
estimates of shear forces and bending moments in frames located on both the
“stiff” and “flexible” sides. Plastic hinge rotations are generally overestimated in
frames located on the “flexible” sides.

• Because the PMPA procedure provides conservative, but generally not overly
conservative, estimates of seismic demands—floor displacements, story drifts,
rotations, and internal forces—it should be useful for practical application in
estimating seismic demands for evaluating existing buildings or proposed designs
of new buildings.

Comparative evaluation of MPA and the nonlinear static procedures specified in
the ASCE/SEI 41-06 standard has led to the following conclusions:

• The ASCE/SEI 41-06 force distribution grossly underestimates drifts at the C.M.
in the upper stories of buildings with plan C, even if they deform only modestly
into the nonlinear range. In contrast, the MPA procedure provides a much better
estimate of seismic demands in the upper stories of these buildings because it
includes all three components of forces as well as higher-“mode” contributions
to the response.

• For structures that respond primarily in the first “mode,” with dominantly lateral
motion, the ASCE 41-06 force distribution is adequate.
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Chapter 15
Estimating Torsional Demands in Plan
Irregular Buildings Using Pushover Procedures
Coupled with Linear Dynamic Response
Spectrum Analysis

Carlos Bhatt and Rita Bento

Abstract The limitation of the commonly used nonlinear static procedures (NSPs),
including the ones recommended by the seismic codes (Eurocode 8 – N2 method,
ATC40 and FEMA440 – capacity spectrum method, CSM), is their inability to
capture the torsional behaviour of plan-asymmetric buildings. Fajfar and his team
have extended the N2 method to this kind of structures through the application of
correction factors which depend on both linear dynamic response spectrum analysis
and pushover analysis. In this chapter, the proposed correction factors are applied
to the N2 method and to the CSM with the features recommended in FEMA440
in order to assess the seismic response of three existing plan irregular buildings.
The torsional demands estimated by the aforementioned NSPs are duly compared
with the ones defined by means of the most precise nonlinear dynamic analyses
for several levels of seismic intensity. The torsional correction factors used seem to
improve the performance of existing code pushover methodologies in estimating the
seismic response of plan irregular structures.

15.1 Introduction

The use of NSPs on the seismic assessment or design of structures has gained
considerable popularity in recent years, backed by a large number of extensive ver-
ification studies that have demonstrated their relatively good accuracy in estimating
the seismic response of regular structures (planar frames and bridges).

However, the extension of such use to the case of 3D irregular structures has
been the object of a limited number of scientific studies, which effectively ends up
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by limiting significantly the use of NSPs to assess actual existing structures, the
majority of which do tend to be non-regular (Fajfar et al. 2005a; Chopra and Goel
2004; D’Ambrisi et al. 2009; Erduran and Ryan 2011).

The major limitations of the existing NSPs, including the ones recommended
by the seismic codes (e.g. the N2 method (Fajfar and Fischinger 1988; Fajfar
2000) proposed in Eurocode 8 (CEN 2004) and the CSM (Freeman et al. 1975;
Freeman 1998) with the features presented in ATC40 (ATC 1996) and in FEMA440
(ATC 2005)), is their inability to capture the torsional behaviour of plan irregular
buildings. Generally they cannot capture the torsional effects distorting the real
structural response.

Fajfar and his team have developed the extended N2 method (Fajfar et al.
2005a, b) which is able to capture the torsional behaviour of plan-asymmetric
buildings. This procedure is based on the application of correction factors to the
pushover results obtained with the N2 method. The correction factors depend on the
results of a dynamic elastic analysis and of a pushover analysis.

Bhatt and Bento have also extended the CSM-FEMA440 to plan-asymmetric
buildings (Bhatt and Bento 2011a) using the same correction factors definition
proposed by Fajfar.

In this chapter, the results obtained in three existing plan irregular buildings, us-
ing the extended N2 method and the extended CSM-FEMA440 to plan-asymmetric
structures, are compared with the nonlinear dynamic median results and with the
linear response spectrum analysis. The application of torsional correction factors to
improve the performance of existing code pushover methodologies in estimating the
seismic response of such structures is therefore evaluated.

In the first part of the work, the extension of both code procedures to the 3D case
is described. Afterwards, the three case studies analysed, their modelling options
as well as the seismic action considered are depicted. The results obtained with
the evaluated procedures are presented in terms of normalised top displacements in
order to better understand the torsional response of the buildings. Final conclusions
are pointed out in the end.

15.2 Torsional Correction Factors to Use in Pushover
Methods

Extensive parametric studies have been performed by Fajfar and his co-workers
(2005a) in order to investigate the parameters that influence the inelastic torsional
response of building structures. Several conclusions were drawn and are herein
presented:

1. The inelastic torsional response is qualitatively similar to the elastic torsional
response. Quantitatively, the torsional effects depend on the ductility demand
and, therefore, on the ground motion intensity.
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2. An upper bound of the torsional amplifications can be estimated with a linear
dynamic response spectrum analysis.

3. The torsional effects decrease with the increase of plastic deformations. This
trend is clear with the smaller amplification of displacements on the flexible side.
However, if the structure is subjected to small plastic deformations, characterised
by ductility less than 2.0, the amplification on the flexible edge may be slightly
higher than in the elastic structure.

4. The response on the stiff edge depends on the influence of different modes of
vibration and on the ground motion in the transverse direction. This response
depends on the structural and ground motion characteristics in both directions.
It is difficult to make general conclusions about the response on the stiff side.
De-amplification of displacements due to torsion on the stiff side decreases with
increasing plastic deformations in elastic torsionally stiff structures. Sometimes,
a transition from de-amplification to amplification could happen. In elastic
torsionally flexible structures, the amplification due to torsion decreases with
increasing plastic deformations.

5. For large plastic deformations, the smaller torsional effects in the inelastic range
when compared with the elastic range are usually illustrated by a flattening of the
displacement envelopes in the horizontal plane.

6. The dispersion of results is larger in the inelastic range than in the elastic regime.

Based on the results obtained, the following conclusions were taken (Fajfar et al.
2005a). They are important for the development of simplified analysis methods and
code guidelines:

1. A conservative estimation of the amplification of displacements due to torsion in
the inelastic range can be determined by a dynamic elastic analysis.

2. Any reduction of displacements on the stiff side compared to the counterpart
symmetric building, obtained from elastic analysis, will decrease or even disap-
pear in the inelastic range.

These conclusions were used by Fajfar and his team (2005a, b) to develop an
extension of the N2 method to plan-asymmetric building structures. The entire
procedure can be summarised in the following steps:

1. Perform pushover analyses with positive and negative signs for each X and
Y direction of a 3D numerical model. Compute the target displacement –
displacement demand at the CM at roof level – for each direction as the larger
value of the C and – sign pushover, using the original N2 method proposed in
Eurocode 8.

2. Perform a linear modal response spectrum analysis in two X and Y directions
combining the results according to the SRSS rule.

3. Determine the torsional correction factors. This factor is computed by the ratio
between the normalised roof displacements obtained by the elastic response spec-
trum analysis and by the pushover analysis. The normalised roof displacement is
obtained by normalising the displacement value at a specific location with respect
to those of the centre of mass (CM). If the normalised roof displacement obtained
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from the elastic response spectrum analysis is smaller than 1.0, one should
consider 1.0 to avoid any favourable torsional effect (reduction of displacements)
given by the elastic analysis.

4. Multiply the quantity under study at a certain location by the correction factor
calculated for that location.

As one can conclude from the previous steps, the extended N2 method uses
both nonlinear static pushover and elastic dynamic analysis. The displacement
demand and its distribution along the height at the centre of mass of each storey are
determined using the original N2 method. The amplification of displacements due
to torsion is calculated by elastic dynamic analysis. The reduction of displacements
due to torsion is not taken into account. The results obtained by Fajfar and his team
show that this extended procedure leads to conservative estimations of the torsional
response of plan-asymmetric buildings.

In (2011a), Bhatt and Bento have extended the CSM-FEMA440 to plan-
asymmetric buildings following the aforementioned procedure suggested by Fajfar.
The difference lies in step (1), where the target displacement is calculated using the
CSM with the features proposed in FEMA440.

15.3 Case Studies

Three real plan-asymmetric RC buildings were analysed in this endeavour. The first
case study is the three-storey SPEAR building. It represents typical existing three-
storey buildings in the Mediterranean region following Greece’s concrete design
code in force between 1954 and 1995. This structure was designed only for gravity
loads based on the construction practice applied in the early 1970s that included
the use of smooth rebars. A prototype was tested in full scale at Ispra within the
European framework project SPEAR. Further details on the structure and its pseudo-
dynamic testing can be found in Fardis (2002) and Fardis and Negro (2006). The
SPEAR building is plan asymmetric in both X and Y directions, but it is regular in
elevation (Fig. 15.1).

The second case study is a five-storey building. It is a real Turkish reinforced
concrete structure which experienced the 1999 Golcuk earthquake without any
damage. The building is asymmetric along the X-axis (Fig. 15.2a), and all the floors
keep the same height (Fig. 15.2b). There are potential weak connections due to the
existence of beams framing into beams. There are also walls and elongated columns
(wall-like column), as presented in Fig. 15.2a. For more details on the building’s
characteristics, see Vuran et al. (2008).

The last case study is a real eight-storey Turkish reinforced concrete building
(Bhatt et al. 2010). It is a plan-asymmetric structure in both X- and Y-axes;
see Fig. 15.3a. The first storey is 5.0 m high and the upper floors are 2.7 m
high (Fig. 15.3b). There are beams framing into beams leading to possible weak
connections in the structure. There are also walls and elongated columns (wall-like
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column), as presented in Fig. 15.3a, with the higher dimension always along the Y
direction. For this reason, the structure will be more stiff and resistant along the Y
direction.

The Turkish five- and eight-storey buildings were designed according to the 1975
Seismic Code of Turkey.

15.4 Modelling Options

The 3D models representing the buildings under analysis were developed with the
fibre element-based finite element program SeismoStruct (Seismosoft 2006). They
were built using space frames assuming the centreline dimensions. The inelastic
behaviour of the structural elements was modelled using a fibre element model,
with each fibre being characterised by the material relationships described below.
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Fig. 15.3 Eight-storey building configuration. (a) Plan view (cm) and (b) lateral view (m)

The concrete was represented by a uniaxial model that follows the constitutive
relationship proposed by Mander et al. (1988) and the cyclic rules proposed by
Martinez-Rueda and Elnashai (1997). The confinement effects provided by the
lateral transverse reinforcement are taken into account through the rules proposed
by Mander et al. (1988) whereby constant confining pressure is assumed throughout
the entire stress-strain range. A compressive strength of 25 MPa was considered for
the SPEAR building and 16.7 MPa for the Turkish buildings. The constitutive model
used for the steel was the one proposed by Menegotto and Pinto (1973) coupled with
the isotropic hardening rules proposed by Filippou et al. (1983). The average yield
strength of 360 MPa was assumed for the SPEAR building and 371 MPa for the
Turkish buildings.

The rigid diaphragm modelling calibration of the SPEAR building can be found
in Pinho et al. (2008). The comparisons between the analytical results and the
experimental tests for this structure are described in Bento et al. (2010).

15.5 Seismic Assessment

In this section, the parametric study is described as well as the seismic action
definition and the numerical model used in the performed structural analyses.
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Fig. 15.4 Displacement response spectra. (a) Three-storey and (b) five- and eight-storey buildings

15.5.1 Seismic Action

Seven bidirectional semi-artificial ground motion records from the SPEAR project
fitted to the EC8 (CEN 2004) elastic design spectrum (type 1 soil C) were used in the
three-storey building case. For the five- and eight-storey buildings, combinations of
three bidirectional semi-artificial ground motion records were applied. The three
considered ground motions are real records from the PEER’s database website
(PEER 2009). They were fitted to the Eurocode 8 elastic design spectrum (with the
Turkish code features – type 1 soil A) using the software RSPMatch2005 (Hancock
et al. 2006).

The ground motions were scaled and applied for a wide range of peak ground
intensities in order to assess the performance of the NSPs throughout different
levels of structural inelasticity. The accelerograms were scaled for peak ground
accelerations of 0.05, 0.1, 0.2 and 0.3 g for the three-storey building and of 0.1,
0.2, 0.4, 0.6 and 0.8 g for the Turkish buildings. The median displacement response
spectra of each set of ground motions were used to compute the nonlinear static
procedures response. They are represented in Fig. 15.4a, b as defined for the three-
storey building and for the Turkish buildings, respectively. In these figures are also
plotted the EC8’s response spectra with which the real accelerograms were matched.

15.5.2 Structural Analyses Performed

In the pushover analyses, lateral forces were applied to the structure in the form of
modal load pattern (for the N2 method, a uniform distribution was also applied). The
loads were applied independently in the two horizontal positive/negative directions,
resulting in four analyses. For each one, the target displacement was computed with
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the larger value in each direction being chosen. The results were combined in the
two directions using the SRSS combination.

For the nonlinear dynamic analysis of the three-storey SPEAR building, the
aforementioned seven bidirectional semi-artificial ground motion records were
applied in four different configurations: XCYC, XCY�, X�Y� and X�YC.

For the nonlinear dynamic analysis of the Turkish buildings, the abovementioned
three bidirectional semi-artificial ground motion records were used. Each record was
applied twice in the structure changing the direction of the components, resulting in
six models, each one with five intensity levels for the five-storey building and three
intensity levels for the eight-storey building.

The results in terms of normalised top displacements in the two directions were
calculated and compared for all seismic intensity levels and for all nonlinear static
and dynamic analyses.

15.6 Dynamic Properties of the Case Studies

The modal properties of the three analysed buildings are herein presented. The three-
storey building has a fundamental mode of 0.617 s characterised by translation along
the X direction, a second mode of 0.527 s with torsional motion and a third mode
of 0.441 s with translation along the Y direction. It is mentioning that, in this case
study, both translational modes are coupled with torsion. The five-storey building
presents a first mode of 0.617 s with translation along the X direction, a second
mode of 0.593 s with translation along the Y direction and a third mode of 0.509 s
with torsional motion. Finally, the eight-storey building has a first mode of 1.445 s
with translation along the X direction, a second mode of 0.636 s with torsional
motion and a third mode of 0.482 s with translation along the Y direction. Further
details on the modal results can be found in Bhatt and Bento (2011b).

The analysed buildings present torsional features due to their irregularities in
plan. According to Fajfar et al. (2005a), the period ratios of a structure have an
important influence on its torsional behaviour. The period ratios �x and �y are
defined as the uncoupled translational period divided by the uncoupled torsional
period in the X and Y directions. The influence of the predominantly torsional
mode of vibration on the response in the direction considered when compared
with the predominantly translational mode increases if the period ratio decreases.
Structures with period ratios larger than 1 are usually classified as torsionally stiff
and structures with period ratios smaller than 1 as torsionally flexible. A structure
can be torsionally stiff in one direction and torsionally flexible in the other. In
Table 15.1 are represented the period ratios in the X and Y directions for the three
analysed buildings. One can conclude that the three-storey building is classified
as torsionally stiff in the X direction and torsionally flexible in the Y direction.
The five-storey building is torsionally stiff in both X and Y directions. The eight-
storey building is torsionally stiff in the X direction and torsionally flexible in the Y
direction.
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Table 15.1 Period ratios �x �y

3-storey building 1.2 0.8
5-storey building 1.2 1.2
8-storey building 2.3 0.8
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Fig. 15.5 Normalised top displacements, three-storey building. (a) X direction, 0.1 g and (b) Y
direction, 0.2 g

15.7 Results of the Parametric Studies

The results obtained with the extension of the N2 method and of the CSM-
FEMA440 for plan-asymmetric buildings are plotted against the median time
history nonlinear dynamic results (TH), the response spectrum analysis (RSA) and
the original procedures, in terms of normalised top displacements. When dealing
with plan-asymmetric buildings, the normalised top displacements is the measure
one should analyse in order to understand the torsional behaviour of the structure
(Fajfar et al. 2005a). This measure is obtained by normalising the edge displacement
values with respect to those of the centre of mass. Several plots are presented
showing the performance of the analysed procedures in estimating the torsional
motion of the evaluated buildings.

In Figs. 15.5, 15.6 and 15.7 are depicted the results of the extended N2 method
and in Figs. 15.8, 15.9 and 15.10 are presented the results of the extended CSM-
FEMA440, for the three analysed buildings and for different seismic intensities.
More results on the performance of the extended N2 method and of the extended
CSM-FEMA440 can be found in Bhatt and Bento (2011b) and in Bhatt and Bento
(2011a), respectively.

From the obtained results, one can observe that the two original N2 and CSM-
FEMA440 methods lead to similar normalised top displacements in the three
analysed buildings. The same happens with both extended procedures.

One can conclude that torsional effects are generally higher for lower ground
motion intensities. For increasing seismic intensities, one can understand a flattening
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on the normalised top displacements. This can be observed in all the analysed
buildings. This conclusion confirms the idea that torsional effects are generally
smaller in the inelastic range compared to what happens in the elastic one.

The plots clearly show that the RSA estimates an upper bound of the torsional
amplification on the flexible side of the buildings, in both elastic and inelastic
ranges.

The extended procedures reproduce in a very good fashion the nonlinear dynamic
results for all the buildings analysed and through all the seismic intensities tested.
These methods show, for these case studies, a much better performance in estimating
the torsional behaviour of the buildings than the original methods. Generally the last
ones are not capable to reproduce the torsional response of the buildings.

The abovementioned plots show that the extended methods reproduce in a very
accurate way the torsional amplification on the flexible edge in all the buildings
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analysed through all the increasing intensities. This good performance is justified
because these extended procedures use a correction factor based on a RSA which
also leads to very good estimations of the torsional amplifications, as shown in the
plots. The original methods generally underestimate the torsional amplification of
the displacements on the flexible side.

From the plots, it is evident that both RSA and the original methods consider the
torsional de-amplification on the stiff side of the buildings, leading in some cases to
underestimated results. For example, Figs. 15.5b (column C8), 15.6b (column S23)
and 15.7a (column S69) illustrate the cases where the RSA leads to normalised top
displacements smaller than one on the stiff edge, being these results nonconservative
when compared with the time history. Therefore, whenever the RSA leads to
normalised top displacements smaller than one, the extended methods consider this
value to be equal to one. This recommendation avoids the extended methods to
produce nonconservative results on this stiff edge. One can say that this is a safe
criterion for designing and assessment of structures. In fact it must not be forgotten
that this simplified procedures are developed to be applied in design offices where
the results should rather be conservative than almost close to time history but slightly
underestimated.

The original methods always provide a linear estimation of the torsional motion
from one side of the building to the other, through all the seismic intensities. The
extended methods do not consider any de-amplification of displacements due to
torsion, leading in some cases to very accurate results and in others to conservative
responses on the stiff edge of the buildings.

The results obtained in this chapter seem quite optimistic regarding the im-
plementation of the extended N2 procedure in Eurocode 8 and of the extended
CSM-FEMA440 in the next version of ATC guidelines.

However, one should be aware that the interplay among ground motion, inelastic
amplification or de-amplification of displacements and structural system is complex.
Therefore, more studies in different buildings should be developed in order to
consolidate these nonlinear static approaches.

15.8 Conclusions

In this work, the torsional seismic response of plan irregular buildings was assessed
using pushover code procedures – N2 method (Eurocode 8) and CSM (FEMA440) –
and their extensions to the 3D case. These improvements are based on torsional
correction factors, which depend on a pushover analysis and on a linear dynamic
response spectrum analysis. The results obtained with the evaluated NSPs were
compared with the nonlinear dynamic analysis and with the linear response
spectrum analysis. The case studies evaluated were three existing plan irregular
buildings with three, five and eight storeys. The procedures were evaluated by
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comparing the results in terms of normalised top displacements of the three case
studies for different ground motion intensities. This measure gives an idea about the
torsional behaviour of the structures.

The results obtained from this study showed that torsional effects are in general
higher for lower ground motion intensities. In fact, for increasing seismic intensities,
one can notice a flattening on the normalised top displacements of each building.
This confirms the idea that torsional effects are generally smaller in the inelastic
range than in the elastic stage.

The extended methods performed in a much more accurate way than their
original counterparts in estimating the torsional behaviour of all buildings analysed
through all the seismic intensities tested. They generally captured in a very precise
way the torsional amplification in terms of displacements on the flexible side of the
buildings.

The extended procedures do not take into account any de-amplification of
displacements due to torsion. Therefore, the response on the stiff side of the
buildings was in some cases estimated in a very precise way by the methods and
overestimated in others.

The original methods are not capable in general to reproduce the torsional motion
of the buildings, usually leading to a linear estimation of the torsional motion from
one side of the building to the other.

The original procedures considered the de-amplification on the stiff side of the
buildings, underestimating in some cases the response. On the flexible side, the
normalised top displacements were generally nonconservative in respect to the time
history results.

Recently, several procedures have been proposed taking into account torsion in
simplified nonlinear static procedures; however, definitive answers have not yet
been reached. The results obtained herein added to the ones already published
(Fajfar et al. 2005a, b; D’Ambrisi et al. 2009; Bhatt and Bento 2011b; Koren and
Kilar 2011), confirm the idea that the extended N2 method has a potential to be
implemented in the next version of Eurocode 8 in order to correctly estimate the
torsional response in real plan-asymmetric RC buildings through the use of pushover
analysis.

The extension of the CSM-FEMA440 also presents potential to be incorporated
in future codes, namely, the ATC guideline. However, this procedure should be
further tested in order to consolidate definitive conclusions.
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Chapter 16
Analysis of Collapse of Irregular Tall Structures
Using Mixed Lagrangian Formulation

Georgios Apostolakis, Andrei M. Reinhorn, Gary Dargush, Oren Lavan,
and Mettupalayam Sivaselvan

Abstract Recent extreme events, such as earthquakes, hurricanes, terrorist attacks,
and fire, showed that the best designed tall structures can be vulnerable to collapse.
A new approach was developed by the authors using the mixed Lagrangian formu-
lation for analysis of tall structures. The formulation attempts to solve problems
using a force-based approach in which momentum appears explicitly and can be
used to deal with structures where deterioration and fracture occur before collapse.
In this chapter, a time integral of functions of the response over the duration of
the response is considered. The kernel of the integral consists of two functions – the
Lagrangian and the dissipation function – of the response variables that describe the
configuration of the structure and their rates. The Lagrangian function is energy-like
and describes the conservative characteristics of the system, while the dissipation
function similar to a flow potential describes the dissipative characteristics. Irregular
structures are extremely sensitive to loss of supporting column, which can lead to
amplified out-of-plane and torsional motions. This chapter presents the formulation
using the mixed Lagrangian formulation (MLF) which allows considering the three-
dimensional effects during collapse. An example, using a fifteen-story building,
is presented, to illustrate the performance of the above approach. The structure is
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irregular and the loss of either a single or several columns on the periphery leads to
an excessive sway and loss of capability to sustain the gravity loads (i.e., collapse).
The failure of eccentrically located columns in an otherwise symmetric building
leads to the coupled lateral-torsional collapse, well captured by the formulation
presented herein.

16.1 Introduction

Recent extreme events, such as earthquakes, hurricanes, terrorist attacks, and fire,
showed that the best designed tall structures can be vulnerable to collapse. The
current state of the art in analysis of tall structures offers very few solutions for
post elastic behavior and structure instability leading to collapse. Most advanced
analytical solutions are developed for planar structural systems which are used to
analyze the entire structure in each lateral direction separately. Although several
analytical tools are capable to analyze structures with both geometric and material
nonlinearities in three dimensions, these computational platforms are cost ineffec-
tive when a collapse analysis is desired.

A new approach was developed by the authors using the mixed Lagrangian
formulation for analysis of tall structures (Sivaselvan et al. 2009; Sivaselvan and
Reinhorn 2006). The formulation attempts to solve problems using a force-based
approach in which momentum appears explicitly and can be used to deal with
structures where deterioration (Sivaselvan et al. 2009), fracture (Lavan et al. 2009),
and contact (Lavan 2010) occur before collapse. In conventional formulations,
the response of the structure is considered as the solution of a set of differential
equations in time. In this chapter, a time integral of functions of the response over
the duration of the response is considered. The kernel of the integral consists of two
functions – the Lagrangian and the dissipation function – of the response variables
that describe the configuration of the structure and their rates. The integral is called
the action integral. It is shown here that in considering elastic-plastic systems, it
is natural to also include the time integrals of internal forces in the structure as
configuration variables. The Lagrangian function is energy-like and describes the
conservative characteristics of the system, while the dissipation function similar to
a flow potential describes the dissipative characteristics. In a conservative system,
the action integral is rendered stationary (maximum, minimum, or saddle point) by
the response. For nonconservative systems such as elastic-plastic systems, such a
variational statement is not possible, and only a weak form which is not a total
integral is possible. It is shown however that the form of the Lagrangian is invariant
under finite deformations. Such a formulation enables the construction of numerical
integration schemes, applicable to three-dimensional structures.

An implementation of the method is made for tall structures considering sparsity
of resulting matrices. The formulation includes both geometric and material nonlin-
earities. The formulation is suitable for analyses of structures in which columns are
in jeopardy in case of extreme loading.
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Irregular structures are extremely sensitive to loss of a single gravity-load
supporting columns, which can lead to amplified out-of-plane and torsional motions.
Such failure is intolerable and in most cases may lead to a complete collapse.
This chapter presents the formulation using the mixed Lagrangian formulation
(MLF) which allows considering the three-dimensional effects during collapse. An
example, using a fifteen-story building, is presented, to illustrate the performance
of the above approach. The structure is irregular and the loss of either a single or
several columns on the periphery leads to an excessive sway and loss of capability
to sustain the gravity loads (i.e., collapse).

16.2 Mixed Lagrangian Formalism

The Hamiltonian approach in this chapter considers both conservative and dissi-
pative processes. An overview of the mixed Lagrangian formulation for spatially
discrete multiple-degree-of-freedom (MDOF) systems is presented below. For more
information on the Lagrangian formulation, the reader is referred to (Sivaselvan and
Reinhorn 2006; Sivaselvan et al. 2009). The weak formulation starts with the proper
selection of state variables and the construction of a Lagrangian L and dissipationˆ
functions. In principle, the Lagrangian function includes the conservative character-
istics of the system, while the dissipation function incorporates the nonconservative
characteristics of the system. Both are functions of the generalized coordinates qk of
the system and their first-order time derivatives for k D 1, : : : n. The action integral
is introduced, and by applying Hamilton’s action principle (Hamilton 1834), one
arrives at the Euler-Lagrange equations, which are the governing equations of the
system.

Partitioning the degrees of freedom (DOF) of the structure into those that have
associated mass of damping, those that do not have mass or damping, and those with
prescribed displacement or velocity, the governing equations of the structure are

MPv C Cv C B1F D P (16.1a)

A PF C @Fˆ.F; �/� BT
1 v � BT

2 vo � BT
3 vp D P (16.1b)

B2F D … (16.1c)

G P� C @�ˆ.F; �/ D 0 (16.1d)

where M is the mass matrix, C is the damping matrix, B is the equilibrium matrix, A
is the block diagonal matrix of element flexibilities, G is the block diagonal matrix
of inverse hardening moduli, F is the vector of internal forces in the structure, v is
the vector of velocities at DOF with associated mass or damping, vo is the vector of
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velocities at DOF with neither mass nor damping (quasi-static), vp is the vector of
velocities at DOF with prescribed displacement/velocity, — is the vector of internal
variables (plastic strains and time derivatives), P is the vector of external forces on
DOF with mass or damping, and   is the vector of external forces at quasi-static
DOF. When geometric nonlinearities are considered, the equilibrium matrix B is a
function of displacement and is partitioned as BD[B1

T, B2
T, B3

T]T corresponding
to DOF with mass or damping, quasi-static DOF, and DOF with prescribed
displacement or velocity, respectively. The governing equations include the linear
momentum equation, the deformation compatibility in the elements equation, the
equilibrium equation at quasi-static DOF, and the evolution of constitutive internal
variables equation, respectively.

16.3 Discrete Lagrangian Formalism

The governing equations of a structural system, obtained by the Lagrangian formal-
ism presented in the previous section, are to be solved numerically. The proposed
scheme is a discrete variational integrator based on Cadzow’s discrete calculus of
variations (Cadzow 1970). Starting by constructing a discrete Lagrangian Ld, which
is an approximation of the continuous Lagrangian L, the discrete action sum Sd that
corresponds to Ld is constructed, where

Sd D
NX

kD1
Ld .qk�1; qk/ (16.2)

while N is the total number of time-steps and qk represents the discrete value of a
state variable at step k.

Following Cadzow’s discrete variational calculus, the solution of the discrete
system governed by the Lagrangian Ld is the one that produces the extreme discrete
action sum Sd. The action integral is discretized using the midpoint rule with a
time-step h. The resulting discrete set of equations in terms of the state variables
introduced earlier is
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It can be shown that if either internal force F or velocity v state variable is
eliminated from the above set of discrete equations, the remaining set of equations
can be defined as a minimization problem. The minimization problem, in terms of
internal force vector F as state variable, can be restated as
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where the yield function of the structure '(.) appears as a constraint. The minimiza-
tion problem (16.4) is solved as a sequence of linear equality-constraint problems,
where the constraints are represented by an augmented Lagrangian approach. For
a detailed presentation of the minimization approach, the reader is referred to
(Sivaselvan and Reinhorn 2006; Sivaselvan et al. 2009).

16.4 Numerical Applications

Numerical examples, using a fifteen-story building, are presented, to illustrate the
performance of the above approach. The structure is irregular and the loss of either
a single or several columns on the periphery leads to an excessive sway and loss of
capability to sustain the gravity loads (i.e., collapse). In addition, the applicability
of the algorithm to collapse simulation of large-scale structures is demonstrated and
collapse mechanism modes are identified.
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Fig. 16.1 Fifteen-story
building example

The fifteen-story building is illustrated in Fig. 16.1. The building has four bays
in each direction. In plan view the building is roughly 30 m � 30 m and the total
height is 55 m. In all analyses geometric nonlinearities are included, and the elastic-
plastic behavior of the members is modeled. The damping ratio is assumed 5%. For
each example a convergence study was performed using time-steps of 0.02, 0.01,
and 0.005 s. The results presented here are for the smaller time-step of 0.005 s.

16.4.1 Example 1: Symmetric Collapse Mechanism Under
Gravity Loads

In this simulation, a symmetric collapse mechanism of the fifteen-story building is
demonstrated. The approach used for initiating collapse is weakening of base story
columns. For the analyses of the building, two analysis steps are employed. The first
step is a nonlinear static analysis where 1.5 times the gravity loads are applied in ten
increments. The above factor on the gravity loads is selected in order to speed up
the collapse of the building. The second step is nonlinear dynamic analysis where
the instantaneous weakening of base story columns occurs.

A plan view of the first story with the position of the weakened columns is
shown in Fig. 16.2. From Fig. 16.2, it can be seen that the first two rows of base
columns are weakened (columns 1–10). The deformed shape of the building as
collapse progresses in bird view (azimuthD20ı and elevationD20ı) and plan view
(azimuthD20ı and elevationD90ı) is shown at different time instances in Figs. 16.3
and 16.4, respectively.
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Fig. 16.2 Example 1 – Plan
view of building with
weakened base columns

The weakening of the front two base story column rows results in loss of the
building’s capability to sustain the gravity loads which leads to collapse of the
building. The collapse mechanism of the building is a symmetric one and progresses
as collapse of all the bays directly above the weakened base story columns as a
single block. The rest of the building is leaning toward the collapsed part of the
building (Figs. 16.3 and 16.4).

In Fig. 16.5, the number of iterations of the simulation is plotted at each time
increment. It is seen that the number of iterations is small and does not change
during the progression of collapse.

The displacement response of the building at different story levels (nodes directly
above node 3, see Fig. 16.2) in the y-direction and the z-direction is presented in
Fig. 16.6, respectively. From Fig. 16.6, it is seen that all the stories are moving as a
block in the vertical direction.

16.4.2 Example 2: Torsional Collapse Mechanism – Gravity
Loads

In this simulation, a torsional collapse mechanism of the fifteen-story building is
demonstrated. The approach used for initiating collapse is weakening of the base
story columns. For the analyses of the building, two analysis steps are employed.
The first step is a nonlinear static analysis where 1.5 times the gravity loads are
applied in ten increments. The second step is nonlinear dynamic analysis where the
instantaneous weakening of base story columns occurs in two stages.

A plan view of the first story with the position of the weakened columns is shown
in Fig. 16.7. The same number of columns as example 1 is weakened, but in the
present simulation, the weakening of the columns takes place in two stages. The first
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Fig. 16.3 Deformed shape of the building as collapse progresses in bird view

instantaneous weakening of columns 1–4 and 6–9 occurs at time t D 0 s. The second
instantaneous weakening of columns 11–12 occurs at time t D 2 s. The deformed
shape of the building as collapse progresses plan view is shown at different time
instances in Fig. 16.8.

The weakening of the first set of columns at the base story results in loss of the
building’s capability to sustain the gravity loads which leads to significant sway of
the building and initiation of collapse. The weakening of the second set of columns
results to excessive sway of the building and progression of the collapse mechanism.
The collapse mechanism of the building is torsional and progresses as collapse of all
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Fig. 16.4 Deformed shape of the building as collapse progresses in plan view

Fig. 16.5 Example 1 – Number of iterations
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Fig. 16.6 Example 1 – Displacement response in y- and z-directions (m)

Fig. 16.7 Example 2 – Plan
view of building with base
story weakened columns

the structure as can be seen in Fig. 16.8. Significant rotation of the whole structure
about a point in the upper left corner is seen in Fig. 16.8. Like in example 1, the
number of iterations is small and does not change during the progression of collapse.

The displacement response of the building at different story levels (nodes directly
above node 3, see Fig. 16.7) in the x-direction, y-direction, and the z-direction is
presented in Figs. 16.9 and 16.10, respectively. From Fig. 16.9 it is seen that all the
stories are rotating in the horizontal plane.

In both examples 1 and 2, the number of columns that were weakened is the same
(10 columns total). The different position though of these columns created a totally
different collapse mechanism mode.

For the case of the torsional collapse mechanism of example 2, the spatial choice
of the columns is not unrealistic, and the removal of the two columns at t D 2 s can
be explained by column failure at different time-steps. At the present time, this is
done manually in order to demonstrate the algorithm capabilities and to demonstrate
that torsional is a possible collapse mechanism even initially symmetric structures.
In the future, when the algorithm has the capability to detect and model column
failure, this will be done automatically.
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Fig. 16.8 Deformed shape of the building as collapse progresses in plan view

Fig. 16.9 Example 2 – Displacement response in x- and y-directions (m)

16.4.3 Example 3: Collapse Mechanism – Earthquake
Excitation

In this simulation, a collapse mechanism of the fifteen-story building under the 1940
El-Centro ground motion in the y-direction is demonstrated. The approach used
for initiating collapse is weakening of the base story columns. For the analyses of
the building, two analysis steps are employed. The first step is a nonlinear static
analysis where 1.0 times the gravity loads are applied in ten increments. The second
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Fig. 16.10 Example 2 – Displacement response in z-direction (m)

step is nonlinear dynamic analysis where the instantaneous weakening of base story
columns occurs and the structure is subjected to the El-Centro ground motion scaled
with a factor of 5.0.

A plan view of the first story with the position of the weakened columns is shown
in solid line ellipses in Fig. 16.7. The deformed shape of the building as collapse
progresses in plan view (azimuthD20ı and elevationD90ı) is shown at different
time instances in Fig. 16.11.

The weakening of the base story columns results in significant sway of the
building toward the weakened columns. The subjection of the building to the ground
motion results in larger oscillations of the building, and as time progresses, the
building collapses toward the weakened column side while slightly rotates about
the z-axis as can be seen in Fig. 16.11. In the present simulation, the collapse of the
building takes more time to progress when comparing with the previous examples
due to the fact that the gravity loads are assumed with a factor of 1.0 (1.5 in the
previous examples) and that under the ground motion the building oscillates in
both directions before it leans toward the collapsed side. In Fig. 16.11, the small
rotation of the structure while collapsing is seen. Similarly to the previous examples,
it is seen that the number of iterations is small and does not change during the
progression of collapse.

The displacement response of the building at different story levels (nodes directly
above node 3, see Fig. 16.7) in the x-direction, y-direction, and the z-direction
is presented in Figs. 16.12 and 16.13, respectively. From the above figures the
oscillations of the building due the ground motion, while collapsing, are seen.

16.4.4 Example 4: Collapse Mechanism – Earthquake
Excitation – Twist

In this simulation, a collapse mechanism of the fifteen-story building under the 1940
El-Centro ground motion in the y-direction is demonstrated.
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Fig. 16.11 Deformed shape of the building as collapse progresses in plan view

Fig. 16.12 Example 3 – Displacement response in x- and y-directions (m)

The present simulation is the same as example 3, with the difference that here we
assume 1.5 times the gravity loads and the ground motion is scaled with a factor of
4.0. The objective is a collapse mechanism with significant rotation of the building
in the z-direction. The weakening of the base story columns results in significant
sway of the building toward the weakened columns.
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Fig. 16.13 Example 3 – Displacement response in z-direction (m)

Subjecting of the building at the ground motion results in larger oscillations of
the building, and as time progresses, the building collapses toward the weakened
column side while significantly rotates about the z-axis as can be seen in Fig. 16.14.
Significant rotation of the whole structure about a point in the upper left corner
is seen in Fig. 16.14. The number of iterations of the simulation, similarly to the
previous examples, is small and does not change during the progression of collapse.

The displacement response of the building at different story levels (nodes directly
above node 3, see Fig. 16.7) in the x-direction, y-direction, and the z-direction is
presented in Figs. 16.15 and 16.16, respectively.

16.5 Concluding Remarks

A Hamiltonian approach was developed for analysis of tall structures using the
mixed Lagrangian formulation (MLF), a force-based approach that considers both
conservative and dissipative processes, to deal with structures where deterioration
and fracture occur before collapse. The weak formulation starts with the proper
selection of state variables and the construction of a Lagrangian and dissipation
functions. In principle, the Lagrangian function includes the conservative character-
istics of the system, while the dissipation function incorporates the nonconservative
characteristics of the system. The action integral is introduced, and by applying
Hamilton’s action principle, one arrives at the Euler-Lagrange equations, which are
the governing equations of the system. A minimization problem is solved at every
time-step (after discretization of the action integral using a central difference half
step) as a sequence of linear equality-constraint problems.

The formulation is capable to solve large deformations (with geometric nonlin-
earities) and inelastic deteriorations (caused by material nonlinearities) which occur
during gradual and progressive collapse. Four numerical examples are provided to
illustrate the solution capability using static and dynamic analyses, tracing the large
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Fig. 16.14 Deformed shape of the building as collapse progresses in plan view

Fig. 16.15 Example 4 – Displacement response in x-direction (m)

displacements causing coupled sway and torsion before collapse. It should be noted
that failure of eccentrically located columns in an otherwise symmetrical structure
leads to either pure torsional or coupled torsional-lateral collapse. In the numerical
cases, presented herein, the solution converges within four iterations, in average.
The structure in the numerical examples was well designed for seismic motions.
Therefore, gravity loads and earthquake intensities used in the examples were
magnified, in order to produce relatively quick collapse for illustration. With the
unscaled loads, the structure will need much more time and repetitive earthquakes
in order to collapse.
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Fig. 16.16 Example 4 – Displacement response in z-direction (m)
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Part IV
Seismic Design of Irregular Structures



Chapter 17
Improved Earthquake-Resistant Design
of Irregular Steel Buildings

Miltiadis T. Kyrkos and Stavros A. Anagnostopoulos

Abstract In the past several years, the seismic behavior of eccentric buildings has
been studied with detailed models of the plastic hinge type, first for reinforced
concrete buildings and then for steel, braced frame type buildings, all of them
designed in accordance with the appropriate new Eurocodes. In all cases, it was
found that the distribution of ductility demands is not as uniform throughout the
structure as one might have expected and desired for a well-designed structure.
Such an uneven distribution indicates suboptimal material use and a potential for
premature failure of certain members. In this chapter, a design modification that has
been proposed earlier and improved substantially the inelastic earthquake behavior
of buildings with biaxial eccentricity but with rectangular layouts is applied to
eccentric, L-shaped buildings. Both a torsionally stiff and a torsionally flexible
building are examined, and it is found that the modification gives also good results
for such buildings, especially the torsionally stiff one. The improvement of the
behavior of the torsionally flexible building may be considered marginal, but this
is probably associated with characteristics of the specific building. In any case,
modern codes suggest avoidance of torsionally flexible buildings whose seismic
behavior is more difficult to control, and for this reason, stricter design requirements
are specified.

17.1 Introduction

Earthquake response of irregular buildings in the inelastic range is an open research
area that includes also assessment of code provisions pertaining to the design of
such buildings (Rutenberg 1998, 2002; De Stefano and Pintucchi 2008). Most of
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the pertinent studies have been based on elastic analyses of idealized multistory
buildings or on inelastic analyses of highly simplified, one-story, inelastic models of
the shear beam type with 3 degrees of freedom (Rutenberg 1998, 2002; De Stefano
and Pintucchi 2008; Chopra and Goel 1991; De La Colina 2003; Stathopoulos
and Anagnostopoulos 2000, 2003; Humar and Kumar 2000). In the past decade,
however, research on earthquake-induced torsion started using more sophisticated,
multistory, multi-degree-of-freedom inelastic models of the plastic hinge type (e.g.,
Ghersi et al. 2000; Fajfar et al. 2004; Stathopoulos and Anagnostopoulos 2005;
Kyrkos and Anagnostopoulos 2011a, b; Kyrkos 2011; Anagnostopoulos et al. 2010).
This research revealed that the widely used simplified, one-story, 3-degree-of-
freedom models used in most of the past studies could lead to erroneous conclusions,
unless model properties were very carefully selected to closely match key properties
of the multistory building (Anagnostopoulos et al. 2010). Hence, code provisions
based, in part at least, on such results might be questionable. Moreover, a number
of controversies had been generated from such studies, and a few publications were
devoted to them (Rutenberg 1998, 2002; De Stefano and Pintucchi 2008). One such
controversy that lingered for some time was the question whether in a code-designed
building the critical edge, where the term critical is used to mean “having the
highest ductility demands,” is the so-called “flexible” or “stiff” edge. A convincing
answer to this has been presented recently, based on analyses using both detailed and
simplified models (Anagnostopoulos et al. 2010). The same studies of torsion with
the detailed plastic hinge models also showed that the ductility demand differences
between the two edges, “flexible” and “stiff,” were often very large, with the
demands in the “flexible” edge being always substantially greater than the demands
in the “stiff” edge of the building. This was initially found for concrete buildings,
where both rotational ductility factors and damage indices were used as measures of
inelastic deformations. Subsequently, the same was confirmed for eccentric, braced
frame type, steel buildings, and a design modification was proposed to alleviate this
problem (Kyrkos and Anagnostopoulos 2011a, b; Kyrkos 2011).

The work reported by Kyrkos and Anagnostopoulos was for steel, eccentric
braced frame buildings with one, three, and five stories, all with biaxial eccentricities
and rectangular layouts (Kyrkos and Anagnostopoulos 2011a, b; Kyrkos 2011).
This chapter addresses the same problem for two L-shaped, three-story eccentric
buildings, one planned and designed as torsionally stiff and the other as torsionally
flexible. The results indicate a similar problem of the as-designed buildings for
ductility demand distribution, as observed in the buildings with the rectangular
layouts, and further that the same modification proposed before works well also
for these two buildings, especially for the torsionally stiff one.

17.2 Methodology

The present investigation was carried out using two three-story, steel, braced frame
buildings, the first torsionally stiff and the second torsionally flexible. Both buildings
are L-shaped, and their typical layouts can be seen in Figs. 17.1 and 17.2. Note that
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Fig. 17.1 Layout of the three-story torsionally stiff steel building

Fig. 17.2 Layout of the three-story torsionally flexible steel building

each building is formed by 5 frames along the x-axis (FR-X1 to FR-X5) and 6
frames along the y-axis (FR-Y1 to FR-Y6). In order to have a torsionally stiff and
a torsionally flexible building just for the purpose of our work, braces were used to
stiffen specific bays as shown in Figs. 17.1 and 17.2, respectively. In a real design,
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Fig. 17.3 Design spectrum and mean spectrum of the ten semi-artificial motions

the braces would be placed in bays to avoid having a torsionally flexible structure.
Both buildings have a typical story height of 3.00 m and ground story height 4.00 m.

Using appropriate distributions of the floor loads, e.g. through non-symmetric
live load distribution, non-symmetric balconies (common causes of mass eccen-
tricity in typical buildings, not shown in the given layout), nonsymmetric joint
masses were assigned at each floor. Additionally, the distribution of stiffness is not
uniform as a result of the layout’s geometry, and, thus, biaxial mass eccentricities
were introduced in all floors. In this manner, the analyzed buildings were generated
and designed with natural eccentricities em �0.15 L, where L is the building length
along each direction. The models used for both design and analyses are 3-D models
with masses lumped at the joints and the floors acting as diaphragms. All buildings
were designed as spatial frames for gravity and earthquake loads using the dynamic,
response spectrum method, according to Eurocodes EC3 (steel structures) and EC8
(earthquake-resistant design). Earthquake actions were described by the design
spectrum specified by the Greek Code for ground acceleration PGA D 0.24g and soil
category II. As input for the nonlinear dynamic analyses, ten sets of two-component
semi-artificial motion pairs were used. They were generated from a group of five,
two-component, real earthquake records, to closely match the code design spectrum
(with a descending branch 1/T2/3), using a method based on trial-and-error and
Fourier transform techniques (Karabalis et al. 2000).

Results were excellent, as may be seen in Fig. 17.3 where the mean response
spectrum of the ten semi-artificial motions is compared with the target, code design
spectrum. Each synthetic motion pair, derived from the two horizontal components
of each historical record, was applied twice by mutually changing the components
along the x and y system axes. Thus, each design case was analyzed for ten sets of
two-component motions, and mean values of peak response indices were computed.
In this manner, the effects of individual motions are smoothed, and the conclusions
become less dependent on specific motion characteristics.

The three lowest periods of the three-story torsionally stiff building are
Tx D TyD0.58 s and T� D 0.31 s, while the mean natural eccentricities in each
horizontal direction are "x D 0.15 and "y D 0.09. Notice that the first torsional
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period is lower than the two translational periods, as it is expected for a torsionally
stiff building. The torsionally flexible building has a fundamental torsional mode
with period T�D0.67 and two translational modes with periods TyD0.61 s and
TxD0.59 s, while its average natural eccentricities are "xD0.15 and "yD0.12. It is
noted that in multistory buildings, the CR cannot be really defined, except under
very restrictive conditions. Thus, an approximate CR was computed herein for
reference purposes, on a floor-by-floor basis as follows

esx D
Pm

iD1 Kf�iyxi
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1 Kf�iy
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Pn

1 Kf�ix
(17.1)

Kf�i D 24E

h2

�
2

P
Kc

C 1
P
Kba

C 1
P
Kbb

��1
C
X AE

L
cos2' (17.2)

where esx and esy are the x and y coordinates of the approximate stiffness center CR;
Kf �i designates the approximate story stiffness of frame i, x and y the directions
of the frame axis, and m and n the number of frames along the y- and x-axes,
respectively; E D modulus of elasticity; Kc D Ic=hIKb D Ib=`I Ic, Ib D section
moment of inertia of columns and beams, respectively; h D story height and
` D beam length; A D area of brace section; L D brace length; and ' D angle
of brace member and the horizontal plane. The second indices, a and b, in Kba and
Kbb, designate the upper (above) and lower (below) floor beams of the frame in the
considered story.

17.3 Nonlinear Dynamic Analyses

The nonlinear analyses were carried out using the program RUAUMOKO (Carr
2005). Frame beams and columns were modeled with the well-known plastic hinge
model, in which yielding at member ends is idealized with plastic hinges of finite
length having bilinear moment-curvature relationship and strain hardening ratio
equal to 0.05. A moment-axial force interaction diagram was also employed for
columns, giving the yield moment as a function of the applicable axial force on the
column section. Bracing members, yielding in tension and buckling in compression,
were modeled with a nonsymmetric bilinear force-axial deformation relationship
(Fig. 17.4).

The basic measure used to assess the severity of inelastic response is the ductility
factor of the various members.

For bracing members, the ductility factor is defined as

�u D 1C
�

up
uy

�

(17.3)

where up is the maximum plastic member elongation and uy the elongation at first
yield.
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Fig. 17.4 (a) Nonlinear moment-rotation relations for beam-columns, (b) column M-N interaction
diagram, and (c) nonlinear force deformation diagram for braces

For beams and beam-columns, the rotational ductility factor has traditionally
been defined as

�� D 1C
�
�p

�y

�

(17.4)

where �p is the maximum plastic hinge rotation at either end of a member (beam or
column) and � y is a normalizing “yield” rotation, typically set equal to � yDMy`/6EI.
For columns, the yield moment My is usually taken to correspond to the yield
moment under the action of gravity loads. In the present study, an alternative
definition of the rotational ductility factor, based on the post-yield plastic moment,
has been used (Anagnostopoulos 1981)

� D 1C
�
�M

p �My

�

(17.5)

where �MDMmax�My, My D yield bending moment, and p D 0.05, the strain
hardening ratio.

In addition to the above measures, peak floor displacements and interstory drifts
are used to assess the inelastic behavior of the buildings.

17.4 Results from Nonlinear Analyses of “As-Designed”
Buildings

Results from time history analyses of the two buildings are presented in terms
of mean values of the peak response parameters over the ten pairs of applied
motions. In the case of the beam ductility factors, the response parameter averaged
over the ten pairs of motion is the maximum rotational ductility demand in any
of the beams in the considered frame and floor. Following standard terminology
based on static application of the lateral load in torsionally stiff buildings, the edge
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Fig. 17.5 Total displacements and interstory drifts of three-story torsionally stiff building (FR-X1
and FR-Y1: “flexible” edges, FR-X5 and FR-Y6: “stiff” edges)

where the displacement from rotation is added to the pure floor translation is called
“flexible” edge, while the opposite edge where the displacement due to rotation
is subtracted from the pure translation is called “stiff” edge. Since the examined
buildings have biaxial eccentricity, the edge distinction just mentioned applies to
both the x and y horizontal directions of the buildings. Thus, results are presented
for each edge frame and each direction. In torsionally flexible buildings, however, it
is not necessarily the “flexible” edge that experiences the largest translation, but it
could well be the “stiff” edge, depending on the relative values of the torsional and
translational periods and on the input characteristics.

17.4.1 Three-Story Torsionally Stiff Building

Displacement results and ductility demands for braces and beams of the “flexible”
and “stiff” edges are presented in Figs. 17.5 and 17.6, respectively. Ductility
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Fig. 17.6 Member ductility demands of three-story torsionally stiff building (FR-X1 and FR-Y1:
“flexible” edges, FR-X5 and FR-Y6: “stiff” edges)

demands are presented only for beams and brace members because the columns
remained essentially elastic. Looking into Fig. 17.5, we can see that displacements
at the “flexible” edges of the torsionally stiff eccentric building are substantially
greater than those at the “stiff” edges due to the induced earthquake rotations,
especially in the y direction. The same is true for ductility demands of the braces
and the beams (Fig. 17.6).

17.4.2 Three-Story Torsionally Flexible Building

Displacement results for the torsionally flexible building are shown in Fig. 17.7
and ductility demands in Fig. 17.8. Compared to the results of the torsionally
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Fig. 17.7 Total displacements and interstory drifts of three-story torsionally flexible building (FR-
X5 and FR-Y6: “flexible” edges, FR-X1 and FR-Y1: “stiff” edges)

stiff building, quantitative differences aside, the behavior pattern is similar, with
displacement and ductility demands being larger in the frames at the “flexible” edges
or sides. It is further noticed that the differences in ductility demands in the braces
here are much smaller than in the torsionally stiff building, since the braces in this
case are placed near the core of the building.

17.5 Modification Procedure

A structural design can be characterized as satisfactory when the limiting values
of the controlling response parameters do not have wide variations within the
groups of structural members to which they apply. In the opposite case, suboptimal
use of material may be present as well as a potentially higher risk of failure
in cases of unexpected overloads. Thus, the observed substantial differences in
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Fig. 17.8 Member ductility demands of three-story torsionally flexible building (FR-X5,X3 and
FR-Y4,Y6: “flexible” edges, FR-X1 and FR-Y1: “stiff” edges)

ductility demands between the opposite edges of the examined buildings point to
the need for a design modification that would eliminate or reduce these differences.
The modifications for the torsionally stiff building are the same as in Kyrkos and
Anagnostopoulos (2011b). A modified version of this modification will be applied
to the torsionally flexible building (Kyrkos 2011).

17.5.1 Modification Procedure and Results for the Torsionally
Stiff Building

The modification procedure for the torsionally stiff building aims at increasing the
strength of the bracing members at the “flexible” edges and reducing the strength of
the braces at the “stiff” edges without affecting the strength of the other structural
elements (columns, beams). The first step for application of this modification is to
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obtain the top-story displacements at the “flexible” and “stiff” edges of the building
in both horizontal directions due to the earthquake loading considered and then
compute the following factors in each horizontal direction:

fi;flex D 2 � ui;flex

.ui;flex C ui;stiff/
(17.6)

fi;stiff D 2 � ui;stiff

.ui;flex C ui;stiff/

where ui,flex is the top-story displacement of the “flexible” edge in the i-direction
and ui,stiff the top-story displacement of the “stiff” edge also in the i-direction.
These displacements are obtained by the dynamic response spectrum method
for the seismic combinations considered. The factors are ratios of the top-story
displacements at the “flexible” and “stiff” edges in a given direction (x or y) to their
mean values. The design modification that was subsequently applied was to multiply
the axial areas of the bracing members in both the “stiff” and “flexible” edges by the
corresponding factors in each direction. The values of these factors, for modifying
frames in direction x, are 0.89 for the “stiff” edge and 1.11 for the “flexible” edge.
Similarly, the values for modifying frames in direction y are 0.78 for the “stiff” edge
and 1.22 for the “flexible” edge. After this modification, each structure was checked
again for full compliance with the applicable codes. The new, modified structures
were again subjected to the same two-component earthquake set, and their responses
were again computed as before.

Figures 17.9 and 17.10 show displacements and ductility demands for the
torsionally stiff building for the initial and the modified design. If we compare the
results obtained from the modified design with that of the original design, we see
a substantial improvement of response in all cases: the overall maximum ductility
demand factor in each group is reduced and so are the differences between “flexible”
and “stiff” edges, producing more uniform distribution of such demands.

17.5.2 Modification Procedure and Results for the Torsionally
Flexible Building

The modification procedure for the torsionally flexible building aims at increasing
the strength of the structural members (columns, beams, and braces) at the
“flexible” edges and reducing the strength of the braces at the “stiff” edges without
affecting the strength of the other structural elements (columns, beams). The ratios
of the top-story displacements fi,flex and fi,stiff (Eq. 17.6) are also used, but now
the displacements are obtained by the equivalent static method for the seismic
combinations considered. The design modification that was subsequently applied
was to multiply the axial areas of the bracing members in both the “stiff” and
“flexible” edges by the corresponding factors in each direction and to do the same
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Fig. 17.9 Comparison of total displacements and interstory drifts of three-story torsionally stiff
building, for the initial and modified design (FR-X1 and FR-Y1: “flexible” edges, FR-X5 and
FR-Y6: “stiff” edges)

for the beam and column sections, but only in the “flexible” edges. The cross
sections of columns and beams of the “stiff” edges are not reduced, as their strength
is controlled mainly by gravity loads (loading combinations without earthquake).
After this modification, each structure was checked again for full compliance with
the applicable codes. This procedure gave modification factors of 0.88 and 0.66
for the braces in the stiff x and y sides, respectively (i.e., for braces in frames X1
and Y1), and factors 1.12 and 1.34 for beams and columns in the “flexible” edges
along the x and y directions, respectively. However, contrary to what happened in the
torsionally stiff building, now the reduction in the brace sections at the “stiff” side
proved excessive, and these two factors were increased from 0.88 and 0.66 to 0.94
and 0.92, respectively, to satisfy all the code-required checks. The new, modified
structures were again subjected to the same two-component motion earthquake set,
and their responses were again computed as before.

Figures 17.11 and 17.12 show displacements and ductility demands for the
torsionally flexible building for the initial and the modified design. If we compare
the results obtained from the modified design with that of the original design,
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Fig. 17.10 Comparison of ductility demands of three-story torsionally stiff building, for the initial
and modified design (FR-X1 and FR-Y1: “flexible” edges, FR-X5 and FR-Y6: “stiff” edges)

we see again some noticeable improvement of response: the overall maximum
ductility demand factor in each group is reduced and so are the differences between
“flexible” and “stiff” edges, producing more uniform distribution of such demands.
The improvements, however, are not as significant as in the torsionally stiff building.

17.6 Some Comments on the Proposed Modification

To get more insight about the consequences of the proposed modification, the new
stiffness centers of the modified buildings were computed using Eqs. (17.1) and
(17.2) and compared with those of the original designs. Results are presented in
Table 17.1. We can see that the proposed modification brings the approximate
stiffness center of each story closer to the mass center, and, thus, the torsional
motions are reduced. This reduction is obviously greater for the “flexible” edge
and hence the reduction in the observed differences of ductility demands between
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“flexible” and “stiff” edges. We must note here that bringing the stiffness center
as close as possible to the mass center, in other words trying to minimize the
physical eccentricity, is a well-known design objective in earthquake engineering
as it minimizes torsional motion. The proposed modification is thus a “blind” way
of achieving this without significant extra effort.

17.7 Conclusions

In this chapter, the earthquake response of two irregular L-shaped steel, braced
frame buildings, one torsionally stiff and the other torsionally flexible, both designed
in accordance with Eurocodes EC3 and EC8 were examined, and similar, overall,
results were obtained compared to earlier findings for eccentric rectangular, steel,
and reinforced concrete frame buildings. More specifically, it was found that under
the action of two-horizontal-component earthquake loadings, compatible with the
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Fig. 17.12 Comparison of ductility demands of three-story torsionally flexible building, for initial
and modified design (FR-X3,X5 and FR-Y4,Y6:“flexible” edges, FR-X1 and FR-Y1:“stiff” edges)

Table 17.1 Mean natural
eccentricities for the initial
and modified designs of the
three-story buildings

Mean natural eccentricity

Initial design Modified design

"x "y "x "y

3-st torsionally stiff 0.15 0.09 0.06 0.03
3-st torsionally flexible 0.15 0.12 0.06 0.09

design spectra, ductility demands at the “flexible” edges were significantly greater
than ductility demands at the “stiff” edges. Subsequently, the original designs were
modified using two slightly different procedures for each building, and it was
found that the response of the new designs was improved: ductility demands at
the “flexible” edges generally decreased and the differences between the two sides
diminished so that a more uniform distribution of ductility demands was achieved.

On the basis of these findings, a code modification may appear desirable.
However, additional studies covering other types of irregular buildings and a wider
spectrum of parameters will be required, before any firm recommendation is put
forward.
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Chapter 18
Design of a Plan Irregular RC Frame Building
by Direct Displacement-Based Design Method

Vittorio Capozzi, Gennaro Magliulo, and Roberto Ramasco

Abstract In this chapter, an application of the direct displacement-based design
(DDBD) to multistorey irregular in-plan RC frame buildings is made. A case
study is carried out in order to extend and validate the methodology to this type
of structures. The design of a torsionally flexible system is carried out according
to DDBD, and its seismic performance is compared, through nonlinear dynamic
analyses, to the performance of the same building designed according to elastic
modal response spectrum analysis. Lumped plasticity models are implemented for
nonlinear dynamic analyses, which are carried out according to EC8 provisions:
seven real earthquakes, selected in order to fit on average the elastic design
spectrum, are used as input. The two different design methods provide very different
reinforcement ratios: the DDBD allows a reinforcement saving of about 70% for
beams and 50% for columns. In spite of this, the verification at the ultimate limit
state, performed by nonlinear dynamic analyses according to EC8, is satisfied.
Furthermore, nonlinear analyses show a better response of the structure designed
by DDBD: the torsional twist is reduced and the damage is better distributed.

18.1 Introduction

The design method provided by the most important seismic codes, based on
the acceleration spectrum and identified as force-based design method (FBD),
is characterised by the application on the structure of reduced seismic forces,
admitting, in the case of strong seismic event, an excursion in plastic range based on
structural ductility. The ductility, also depending on structural typology, is assured
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by detailing in sections; indeed, overall ductile behaviour is ensured if the ductility
demand globally involves a large volume of the structure, spread to different
elements and locations of all its storeys. The design also involves the application
of the capacity design rules that aim to avoid plastic hinges in columns and brittle
shear failures. However, for several years, drawbacks and limits of FBD method
(Priestley 1993) have been underlined. First, the elastic stiffness of the elements is
proportional to strength, while the yielding curvature does not essentially depend on
strength; consequently, it is not possible to perform an accurate analysis of either the
elastic structural periods or the elastic distribution of required strength throughout
the structure until the member strengths have been determined. Furthermore, the
distribution of seismic forces based on initial stiffness cannot provide in general
adequate estimates of force distribution and displacements in the inelastic range
(Priestley 1993; Priestley et al. 2007). Finally, the code force reduction for the
structure is not able to assure the requirement of uniform safety.

Considering the limits of FBD methods and in order to control the damage
for different levels of seismic intensity, researchers are developing design methods
based on displacements that are better correlated to damage. These new approaches
based on displacements are known as displacement-based design procedures. The
most developed and effective one is the “direct displacement-based design” pro-
posed by Priestley (1998) and disseminated through the draft model code (Priestley
et al. 2007).

The method considers a substitute structure (SDOF system) with linear behaviour
(secant stiffness to the maximum displacement) that approximates the nonlinear
behaviour of a complex structure (MDOF system). The design departs from a design
displacement, which assures an acceptable damage for the considered seismic
intensity.

The method has been recently applied to a lot of categories of regular in-plan
structures, with very interesting results (Belleri and Riva 2009; Benedetti et al. 2008;
Garcia et al. 2010; Maley et al. 2010; Pettinga et al. 2007; Rizzato et al. 2009).

The purpose of this chapter is to contribute to the extension and validation of the
DDBD method for the design of multistorey RC irregular in-plan framed structures.
The design of a torsionally flexible system is carried out according to DDBD
and its seismic performance is compared with that of the same building designed
according to EC8 FBD rules (CEN 2003). The two designed buildings, named
“FBD structure” and “DDBD structure”, present same materials and geometry,
also in terms of cross-section dimensions. The seismic performances of designed
frames are finally evaluated through nonlinear dynamic analyses using the computer
program CANNY99 (Li 1996).

18.2 Torsional Response of Non-regular In-Plan Buildings

Structures with asymmetry in-plan are subjected to torsional rotations as well as
direct translation under seismic response. In traditional elastic analysis of torsional
effects in buildings, only centre of mass (CM) and stiffness (CR) are considered, and
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a structure is assumed to have plan eccentricity when the two points do not coincide.
In inelastic response range, the centre of shear strength (CV) is very important as CR

(Paulay 2001); the structure rotates around it in inelastic field. Generally CV and CR

do not coincide.
The eccentricity of the centre of stiffness with respect to the centre of mass is

found from (Fig. 18.1)

eRX D
Pn

iD1 kZixi
Pn

iD1 kZi
I eRZ D

Pm
jD1 kXj zj
Pm

jD1 kXj
(18.1)

where kZj and kXj are the element stiffness in the Z and X directions, respectively,
and xj and zj are measured from the centre of mass.

The eccentricity of the centre of strength, CV , is defined by

eVX D
Pn

iD1 VZixi
Pn

iD1 VZi
I eRZ D

Pm
jD1 VXj xj
Pm

jD1 VZj
(18.2)

where VZj and VXj are the element strength in the Z and X directions, respectively.
Peak response displacements at the opposite sides of an asymmetric building do

not occur simultaneously, and they do not correspond to peak torsional response.
Then, it is not possible to define exact analytical methods for simple design. Beyer
et al. (2008) and Castillo (2004) give the maximum response displacements of
structures with stiffness eccentricities with or without strength eccentricity in Z
direction for a wall building (Fig. 18.2)

�Zi D �z;CM ˙ � .xi � eVX/ (18.3)

taking care with signs. The maximum displacement is then the sum of CM

displacement (�z, CM) plus the torsional component.
It can be noted that in Eq. 18.3 the strength eccentricity is used. The twist angle

� to be considered in the equation is found considering the total building strength in
the direction considered, VBZ , and the effective rotational stiffness JR,eff as

� D VBZ � eRX
JR;eff

(18.4)

where

JR;eff D 1

�sis
�
nX

iD1
kel;Zi .xi � eRX/

2C
mX

jD1
kel;Xj .zj � eRZ/

2 (18.5)
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Fig. 18.1 Structures with plan eccentricities (Priestley et al. 2007). (a) Structural wall building.
(b) Eccentric frame building. (c) Frame with eccentric service core
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Fig. 18.2 Torsional response of an asymmetric wall building (Priestley et al. 2007)

In Eq. 18.5, the stiffness eccentricity is used, and the elastic stiffness of elements
responding in the Z direction is reduced by the design system ductility, �sys. Since
the transverse (X direction) elements are expected to remain elastic, or nearly elastic,
their elastic stiffness is not reduced.

For frame buildings, the most common design situation will be that design
displacements are governed by code drift limits. The code drift will apply to the
element with the greatest displacement, including torsional effects, meaning that
the design displacement at the building centre of mass, used in the SDOF design,
will need to be reduced proportionally to torsional displacements. Then, the design
displacement for CM is given by

�ZM D �i;cr � � .xi;cr � eVX/ (18.6)

where�i,cr is the drift-controlled displacement of the critical element.
In general, then, it will be necessary to use an iterative approach to determine

the design displacement when torsional effects are significant, since � depends
on JR, eR and eV , which in turn depend on the relative strengths assigned to the
lateral force-resisting elements in both orthogonal directions and on the system
ductility.
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18.3 Geometry of the Building and Elastic Analysis

The geometry of the analysed three-storey RC frame building is reported in
Fig. 18.3. The interstorey height is equal to 3.20 m at all levels; at the first storey, the
columns section dimensions are 40 � 65 cm2, while all the beams are 40 � 60 cm2; at
the second storey, such dimensions are, respectively, 40 � 60 cm2 and 40 � 55 cm2,
and at the third 40 � 55 cm2 and 40 � 50 cm2. Column dimensions are kept larger
than beam ones in order to take into account the capacity design. Two-metre-wide
balconies are shown in Fig. 18.3 as hatched areas.

Elastic analyses are performed by the computer program SAP2000 (CSI Com-
puter and Structures Inc 2004), according to Eurocode rules (CEN 2002a, b, 2004)
and considering a design spectrum soil B type 1 with a design ground acceleration
on type A ground, ag D0.35 g, taken from the old Italian seismic code OPCM
3431 (Presidenza del Consiglio dei Ministri 2005). The FBD design is performed
according to the high-ductility class rules and a behaviour factor equal to 2.4 is
computed; such value takes into account that according to EC8 the building is
“torsionally flexible” and irregular in elevation (the reduction of lateral stiffness
from 1st to 2nd storey is larger than 40%). As imposed by the code, a 5% accidental
eccentricity is considered; consequently, 4 models are analysed with the centre of
mass placed in four different positions, indicated in the following with respect to
the initial position: “dx” at (0.45,0), “sx” at (�0.45,0), “sup” at (0,1.05) and “inf” at
(0,�1.05).

Concrete characteristic cylinder strength equal to fck D 30 N/mm2 and steel
characteristic yielding strength equal to fyk D 430 N/mm2 are adopted.
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Fig. 18.3 Geometry of the analysed building



18 Design of a Plan Irregular RC Frame Building by Direct. . . 275

18.4 Specifications on Direct Displacement-Based Design
Applied to a RC Irregular In-Plan 3D Multistorey
Structure

For irregular in-plan buildings, the design displacement passes through the evalua-
tion of top CM one that depends by displacement of resisting critical (which exhibits
the greatest displacements) plane frame by Eq. 18.3.

In the initial design phase, it is necessary to make assumptions on stiffnesses
and structural strengths of members, even though they are still unknown. In order
to reduce torsional effects, at the beginning, the strength eccentricity is assumed
equal to zero; consequently, � is assumed equal to zero. The aim of the design is
generally to reduce the strength eccentricity in order to minimise the inelastic twist.
The design displacement is derived under this assumption; it is the same along the
two orthogonal directions. The 3D frame is computed considering it is made of
different frames.

Starting by these assumptions, the design displacement�d at the effective height
can be computed. The yield displacement of the system is calculated doing a
weighted average, with respect to the shear strength at the first floor, of the yielding
displacements of the plane frames. Consequently, the ratio Vi/VTot between i frame
shear strength and the building total shear strength is to be assumed: in this case,
at the first iteration, a uniform distribution of the strength is assigned, assuming eV

and � are equal to zero (the centre of mass is computed). The yielding displacement
of the system is

�y;sys D
nX

iD1

Vi

VTot
��y;i (18.7)

where �y,i is the displacement of the i frame and �y,sys is the system displacement.
The �y,i is computed as in the case of 2D frames; even though the plan frames
present irregular spans, overturning moments of single spans are assumed equal.

By the design and yielding displacements, the ductility, the equivalent viscous
damping and, finally, the base shear, to be distributed along the building height, are
computed for each direction.

The yielding moments at the column base are computed assuming the strength
eccentricity equal to zero, as

M0 D 0:6 �H1 � Vi
VTot

� Vbase (18.8)

where H1 is the interstorey height at the first level.
The following step is to perform the analysis in order to compute the strength and

the stiffness of the frames; a secant stiffness is calculated as ratio between storey
shear and displacement.
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The base shear is distributed in the two directions with separated analyses, using
SAP 2000 program (CSI Computer and Structures Inc 2004). The analysis under
seismic forces is performed without taking into account seismic gravitational loads.
The modelling of the building and of member stiffness in the two directions is
different: plastic hinges at the frame base are only considered in the horizontal load
direction and the members have secant stiffness only along this direction; in the
other direction, members are elastic. In this last case, the lateral stiffness, which
is needed in order to compute the torsional twist, is evaluated assuming a force
distribution according to EC8 previsions.

The top floor centre of mass displacement,�n,sys, is evaluated by Eq. 18.6, where
�i,cr is the top floor displacement of the frame at the greatest distance from CV. The
design displacement at the effective height is calculated by

�d;sys D �n;sys � �He;frame

�n;frame
(18.9)

where �He,frame and �n,frame are the displacement at the effective height and at the
top, respectively, of the most stressed frame.

For each frame, the overturning moment is computed at each bay in order
to evaluate the yielding displacement and, by Eq. 18.7, the system yielding
displacement. Consequently, the ductility, the damping and, then, the SDOF base
shear can be computed.

The procedure can be iterated updating, for each iteration, the strength and then
the stiffness of the members. The procedure ends when the base shears of two
consecutive iterations are almost equal.

EC2 provisions concerning the detailing are applied; while the detailing provided
by EC8 is not considered, because this is related to the force method and it has to
assure the required ductility according to q factor assumption. Then its application
is inappropriate for DDBD.

18.5 Comparison Between the Reinforcement Obtained
by FBD and DDBD

In this section, a preliminary comparison between the two design methods, FBD and
DDBD, is carried out. The comparison is performed in terms of mean longitudinal
reinforcement ratio for each floor, for beams (Fig. 18.4) and columns (Fig. 18.5) at
end zones.

The two different design methods provide very different reinforcement ratios:
the DDBD allows a reinforcement saving of about 70% for beams and 50% for
columns.
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18.6 Nonlinear Analyses

Nonlinear analyses are performed by means of the computer program CANNY99
(Li 1996). Nonlinearity regards flexural rotations, while all the other deformations
are assumed linear. Both beams and columns are characterised by lumped plasticity
models; in the latter case, for each section, two independent nonlinear springs
are assigned, one for each orthogonal direction. No axial force-bending moment
interaction is considered at plastic hinge.

Bending moment springs are characterised by a trilinear skeleton curve, defined
by cracking and yielding moment and corresponding rotations; the post-yielding
stiffness is assumed equal to zero. An elastic perfectly plastic steel stress-strain
diagram is considered, characterised by a yielding strength equal to 530 MPa,
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Fig. 18.6 Hysteresis model for nonlinear dynamic analysis (Li 1996)

computed as mean of tests on more than 200 bars made by steel called FeB44K,
performed at the laboratory of Department of Structural Engineering of the Univer-
sity of Naples Federico II.

The cracking rotation is evaluated by multiplying the corresponding curvature by
L/6, where L is the member length. The yielding and the ultimate rotations are eval-
uated as provided by EC8 (CEN 2005) equations (A.10b) and (A.1), respectively,
where the average values are assigned to concrete maximum (fc D 38 N/mm2) and
steel yielding (fy D 530 N/mm2) strength.

In order to perform dynamic analyses, the Takeda-type hysteretic model is used;
the pinching effect is also taken into account (Fig. 18.6).

Both the horizontal components of a set of 7 earthquakes, i.e. 14 natural records,
are used for nonlinear dynamic analyses whose results are shown herein.

The selected natural accelerograms are (Maddaloni et al. 2012):

• Northern and central Iran, Iran, 16/09/1978 (cod.000187)
• Montenegro, Yugoslavia, 15/04/1979 (cod.000196)
• Montenegro, Yugoslavia, 15/04/1979 (cod.000199)
• Montenegro (aftershock), Yugoslavia, 24/05/1979 (cod.000230)
• Campano Lucano, Italy, 23/11/1980 (cod.000291)
• South Iceland, Iceland, 17/06/2000 (cod.0006263)
• South Iceland (aftershock), Iceland, 21/06/2000 (cod.0006334)

They satisfy the EC8 provisions; the mean of zero period spectral response
acceleration values (calculated from individual time histories) should not be smaller
than the value of ag�S concerning the considered site; in the range of periods
between 0.2T1 and 2T1, where T1 is the fundamental period of the structure, in
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the direction where the accelerogram is applied, no value of the mean 5% damping
elastic spectrum, calculated from all time histories, should be less than 90% of the
corresponding value of the 5% damping elastic response spectrum; if the response
is obtained from at least 7 nonlinear time histories analyses, the average of response
quantities should be used as the design value of the action effect Ed in relevant
verifications. Only one record (cod. 000187) is scaled by a low scale factor equal
to 1.08, in order to match in the prescribed range the code spectrum used for the
design of the analysed building, assigning q D 1.

According to the direction of registration of the accelerograms, a direction, X or
Y, is given to the two components of each earthquake; the analyses are performed
applying, for each earthquake, the X component along the longitudinal direction of
the building and the Y component along the orthogonal direction.

Top centre of mass displacements and demand/capacity ratio in terms of total
chord rotation at beam and column ends are shown. For each of the four models
obtained moving the centre of mass, the average of the seven maximum results
obtained applying the seven earthquakes is considered; the maximum effect on the
four models is always considered.

18.7 Result and Comparisons

The results of nonlinear dynamic analyses carried out on models designed according
to FBD and DDBD are compared in terms of displacements and rotational ductility
demand, and such demand is compared to capacity at the ultimate limit state, which
is equal to 3/4 ‚u.

Figure 18.7 shows the frame top displacements absolute and normalised with
respect to CM displacement, along X and Y directions.

It can be observed that NLDA on “DDBD structure” gives absolute displace-
ments larger than NLDA on “FBD structure”. But the torsional behaviour of the
structure designed according to DDBD is better: in X direction, the displacement of
the frame 4 (critical frame) is about 15% lower. The effect of torsional twist on Y
direction maximum displacements is not significant.

Figure 18.8 shows interstorey drifts of the two structures evaluated at CM along
X and Y directions. The limit drift, assumed equal to 2.5%, is indicated by a red line.

Even though the DDBD provides a more deformable structure than FBD, the
limit drift is not attained.

In Fig. 18.9, demand/capacity ratios in terms of total chord rotations at beam
(black numbers) and column (red numbers) end sections of frames 1 and 3 in X
direction are presented.

NLDA on both FDB and DDBD structures provides all ratios lower than one;
consequently, it is confirmed that the building designed according to either EC8
provisions by elastic modal response spectrum analysis at the ultimate limit state or
DDBD is verified at the same limit state by nonlinear dynamic analysis performed
according to EC8. Furthermore, also in terms of ductility demand, as already noted
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in terms of displacements, NLDA FBD provides lower values with respect to NLDA
DDBD; the demand/capacity ratios in terms of maximum rotational ductility at the
beam and column base end on “DDBD structure” are about twice the corresponding
ratios obtained on “FBD structure”.

18.8 Conclusions

In this chapter, the application of the direct displacement-based design (DDBD)
to the multistorey irregular in-plan frame structures is discussed. A case study is
presented in order to extend and validate the method. The design of a torsionally
flexible system is carried out according to DDBD and its seismic performances are
compared, by nonlinear dynamic analyses, to those of the same building designed
according to FBD rules of EC8.
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Fig. 18.9 Frame 1 and 3: demand/capacity ratio in terms of maximum rotational ductility at the
element ends

The main conclusions of the study are:

• The two structures present very different reinforcement ratios: the design by
DDBD leads to a saving of about 70% of beam reinforcement and of 50% in
the case of columns.

• Even though its reinforcement is largely reduced, the building designed by
DDBD shows a better nonlinear behaviour under strong earthquakes: the tor-
sional twist is lower.

• Even though its reinforcement is largely reduced, nonlinear dynamic analyses
confirm that also the building designed according to DDBD satisfies the ultimate
limit state.
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Seismic Control and Monitoring

of Irregular Structures



Chapter 19
A Simple Methodology for the Seismic Passive
Control of Irregular 3D Frames Using Friction
Dampers

Yael Daniel, Oren Lavan, and Robert Levy

Abstract This chapter presents a simple performance-based design methodology
of an analysis/redesign type for sizing and allocating friction dampers within
existing 3D irregular framed structures in order to control seismic performance.
The methodology allows the determination of brace stiffness of all added damping
devices, under a constant predetermined slip displacement, using analysis tools only.
The methodology allows the design of an irregular framed structure of any type and
is nondependent of the type of irregularity. Using this methodology, fully stressed
design solutions are obtained in an example of a linear 3D setback frame undergoing
an ensemble of ground motions.

19.1 Introduction

Seismic design of structures is a very intriguing and important issue in the field of
structural engineering. Severe earthquakes are not a very common event and are
random in nature, making them hard to predict and design for, and once they occur,
life-threatening situations and major structural destruction are likely to happen.
When seismic structural protection had begun, life safety was the leading guide
for design. However, in modern design, the emphasis has shifted to performance-
based design, as modern seismic design philosophies acknowledge the economical
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benefits of such designs. Structural performance is highly related to damage states
within the structure. The most commonly used method of damage analysis in
structures is the use of damage indices (DIs). A rich description of DIs may be found
in the state-of-the-art review of Williams and Sexsmith (1995). Some response
measures often associated with damage are drifts and energy dissipation, and
structural performance can be efficiently achieved by controlling these parameters.

When considering different irregularities of structures (either vertical irregulari-
ties, such as setback structures or horizontal asymmetric irregularities) undergoing
ground motions, special attention has to be given to the behavior of the structure due
to these irregularities, such as large torsional effects. Many works regarding different
aspects of these phenomena can be found in the extensive reviews of Rutenberg and
De Stefano 1997; De Stefano and Pintucchi 2008 as well as references within.

One way to control the responses and enhance seismic performance within an
existing structure is by adding external control systems. Clearly, the design of
structures with added control systems should be cost-effective as well as practical
and intuitive for the use of practicing engineers. Passive friction dampers that
dissipate energy through Coulomb friction forces created between two solids during
slippage are considered in this chapter. The hysteretic model is a stick-slip one,
with the slip displacement being smaller than the yielding displacement of the
brace, to ensure the device slips. The hysteretic curves of these dampers are usually
rectangular, show large dissipation abilities, and exhibit nearly no fade over a large
number of cycles (Symans et al. 2008; Soong and Dargush 1997).

Several methodologies for the allocation or of hysteretic dampers exist. Among
those are nonoptimal design methodologies which predetermine the damping
distribution (Pall and Marsh 1982; Filiatrault and Cherry 1989, 1990; Cherry and
Filiatrault 1993; Levy et al. 2001, 2005; Choi and Kim 2006; Lee et al. 2008).
Methodologies that consider full nonlinear behavior of the structure for the design
of friction dampers are based on genetic algorithm (GA), which is a very general
and robust, yet very slow converging methodology. Several works using GA for
implementation of friction and yielding dampers are available, including (Moreschi
and Singh 2003; Wongprasert and Symans 2004; Dargush and Sant 2005; Ok et al.
2008; Farhat et al. 2009; Lavan and Dargush 2009). The drawback of using GAs is
that the process is computationally expensive.

Most of the works mentioned above apply to plane structures or symmetric
structures and do not necessarily cater to the special demands of 3D irregular
structures. The first established attempt to study the control of seismic response of
plan-asymmetric structures by using friction dampers was in Pekau and Guimond
(1991), followed by a series of papers concerning the same concept (Pekau and
Mastrangelo 1992; Martin and Pekau 1996; Pekau et al. 2000). The objective was
to study the ratio of the sum of stiffness and slip load of the two dampers to the sum
of stiffness and yielding force of the original structure under different eccentricities
of the structures. In a series of papers (de la Llera et al. 2005; Vial et al. 2006),
the empirical center of balance (ECB) concept was introduced for the case of
plan-symmetric structures. This concept, based on which weak torsional balance,
imposes a decoupling of translation and rotations within the plan.
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This chapter proposes to use an analysis/redesign methodology for the optimal
allocation and sizing of friction dampers within existing irregular 3D structures.
This methodology has been applied to a plane symmetric frame (Daniel et al. 2010).
Whereas no formal proof of optimality is provided, it is conjectured here that the
solution is optimal based on prior work by the authors on allocation and sizing of
viscous dampers where indeed such algorithms converge to an optimal solution.

19.2 Problem Formulation

19.2.1 Equations of Motion

The differential equations of motion for a non-yielding MDOF structure with added
hysteretic damping devices under seismic loading are formulated as

MRx.t/C CPx.t/C Kx.t/C fs0 .x.t/; Px.t// D �Meag.t/

x.0/ D 0; Px.0/ D 0 (19.1)

where M, C, and K are the mass, inherent damping, and stiffness matrices of the
bare structure in inter-story drift DOFs, respectively; ag.t/ is the ground motion’s
acceleration vector, e is the excitation direction matrix with values of zero and
one; Rx.t/, Px.t/, and x.t/ are the relative inter-story acceleration, velocity, and
displacement vectors between the DOFs and the ground; and fs0 .x.t/; Px.t// is the
restoring force vector of the nonlinear damping devices. A similar formulation may
be used in case the structure, too, is expected to yield, where the expression for
Kx.t/ is replaced by another restoring force fs .x.t/; Px.t//, which represents the
nonlinear restoring forces of the frame.

A bilinear hysteretic representation of the yielding devices is suggested (e.g.,
Sivaselvan and Reinhorn 2000), for which the restoring force can be divided into
two contributions: linear and nonlinear as the following

fs0 .x.t/; Px.t// D K˛0x.t/C fh0 .x.t/; Px.t// (19.2)

where K˛0 represents the stiffness matrix of the dampers (in drift DOFs) after
yielding, and fh0 .x.t/; Px.t// is the hysteretic force vector of the yielding dampers
in local drift coordinates with zero secondary slope. The hysteretic rule for the
nonlinear contribution of the restoring force can be represented in the following
differential form

Pfh0.t/ D f .Px.t/; fh0.t/;k0/; fh0.0/ D 0 (19.3)
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where k0 is the vector of added brace stiffness. In conclusion, the following
equations of motion (in drift coordinates) of a non-yielding structure with friction
dampers are formulated:

MRx.t/C CPx.t/C Kx.t/C fh0 .x.t/; Px.t// D �Meag.t/I x.0/ D 0; Px.0/ D 0
Pfh0.t/ D f .Px.t/; fh0.t/;k0/ I fh0.0/ D 0

(19.4)

19.2.2 Performance Measures

The performance of the structure is evaluated on the basis of damage. This is done
using any existing DI or any other response found to portray structural damage due
to seismic action. It seems that in the case of structures which stay within the elastic
zone following a seismic incident, damage is strongly related to the amount of inter-
story drifts developed. Otherwise, it seems more appropriate to use an accumulated-
natured performance measure, relating to both drifts and hysteretic energy. Added
friction dampers help reduce these performance measures, and the measure of cost
and effectiveness of these devices is by the amount of added stiffness. The amount of
added stiffness represents the cost of the retrofit, in addition to the fact that minimum
added stiffness to the structure results in smaller added forces to the structure and
smaller accelerations.

19.2.3 Formal Optimization Problem

The problem at hand is formulated as an optimization problem for which the
objective function minimizes the total amount of added friction dampers under
the constraints of maximal added damping and maximal performance measures
according to the desirable performance. In this study, the slip displacement is
predetermined, and the friction damper’s parameter is chosen as the brace stiffness.
The optimization problem can be formulated in the following scheme

min
k0
J D

X

K0 D k0T � 1

s:t: pi � 1:0

0 � k0 � k0;max (19.5)

where k0 and k0;max are the vectors of added brace stiffness and maximal allowable
added stiffness, and pi is a normalized inter-story performance index of interest. The
performance index should be directly related to a desired measure of performance,
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such as a DI. A formulation of the nonlinear equations of motion is needed for the
evaluation of the performance index. Equation (19.4) is used for the case of a linear
structure with friction dampers.

19.2.4 Fully Stressed Design (FSD) Characteristics

Designs that are based on fully stressed characteristics go back to the classical
design of trusses under static loads, whereby the weight is minimized for a given
allowable stress. For that problem, it had been widely accepted that the optimal
design yields a statically determinate fully stressed design, with members out of
the design having strains smaller than the allowable. This result appeared in the
literature as early as 1900 (Cilley 1900) as: “A statically determined framework of
included figure is the most economic form of a framework of given indeterminate
figure for the support of a given loading.” It was later shown (Levy 1985) that
this design is a Karush-Kuhn-Tucker point and, therefore, an optimal design.
Later on, it was shown that some dynamic optimal designs also possess “fully
stressed” characteristics. Levy and Lavan (2006) considered the minimization of
total added damping to framed structures subjected to ground accelerations while
constraining various inter-story responses. Their optimal solutions attained by
formal optimization indicated that: “At the optimum, damping is assigned to stories
for which the local performance index has reached the allowable value. Stories with
no assigned damping attain a local performance index which is lower or equal to the
allowable.” That is, the optimal solutions attained “fully stressed” characteristics.

Based on past experience of the authors in similar problems, it is conjectured
here that the optimal solution to friction damper allocation and sizing problem in
framed structures (the solution of Eq. (19.5)) possesses FSD characteristics, that
is: At the optimum, friction dampers are assigned to locations for which the inter-
story performance index of interest has reached the allowable value under a given
ensemble of ground motions.

19.2.5 Analysis/Redesign Algorithm

Solutions to optimization problems, which possess fully stressed characteristics, are
efficiently achieved iteratively using a two-step algorithm in each iteration cycle. In
the first step, an analysis is performed for a given preliminary design, whereas in the
second step, the design is changed using a recurrence relationship that targets fully
stressedness. The recurrence relation can be generally written as

x
.iC1/
k D x

.i/

k �
 

pi
.i/

k

piallowable

!P

(19.6)
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where xk is the value of the design variable k, pik is the performance measure of
interest for variable k, piallowable is the allowable performance measure, i is the
iteration number, and P is the convergence parameter. In the optimal design of
trusses, for example, the practitioner would assume initial values for the cross
sections and run an analysis. Then, based on the attained performance measures
and their allowable values, the cross section of each member could be redesigned
using Eq. (19.6). The process is repeated until convergence. The advantages of the
analysis/redesign algorithm include its simplicity, the need to use analysis tools
only, and the fairly small computational effort that lies in the small number of
iterations required for convergence. Such an analysis/redesign procedure will be
utilized here to attain fully stressed designs where the stiffness of friction dampers is
to be determined. The design methodology is described in detail in the next section.

19.3 Design Methodology

The following is a step-by-step procedure for the optimal allocation and sizing
of friction dampers. This methodology is based on envelope peripheral inter-story
drifts, for which the drifts at each iteration cycle are evaluated for all ground motion
within the ensemble. This method may be a bit wasteful when considering the
amount of needed analyses. Methods for preselecting an active ground motion and
sequentially adding additional ground motions into an active set as the iterative
process continues are available and may be used to reduce the number of analyses.
However, it is needed to find a preselection method suitable for the problem of
nonlinear hysteretic dampers.

Step 1 Perform time-history analysis on the bare frame for all ground motions
within the chosen ground motion ensemble and check violation of the
allowable performance measures.

Step 2 If any of the performance measures exceed the allowable, add friction
dampers at the peripheral frames with a predetermined slip displacement
and an arbitrary initial stiffness.

Step 3 Perform time-history analysis on the braced frame for all ground motions
within the ensemble and evaluate the peripheral inter-story drifts.

Step 4 Using Eq. (19.6), redesign each brace’s stiffness according to the envelope
of inter-story peripheral drifts, which is the maximum drift of all ground
motions in the specific peripheral location.

Step 5 Repeat steps 3–4 until convergence of all brace stiffness is reached.
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19.4 Example

The following 8-story 3-bay setback reinforced-concrete (RC) frame structure
(Fig. 19.1) introduced by Tso and Yao (1994) is retrofitted using friction dampers
under the LA 10 in 50 ground motion ensembles in the “y” direction. A uniform
distributed mass of 0.75 t/m2 is taken. The column dimensions are 0.5 m by 0.5 m
for frames 1 and 2 and 0.7 m by 0.7 m for frames 3 and 4. The beams are 0.4 m wide
and 0.6 m tall. 5% Rayleigh damping for the first and second modes is used. Drift is
the performance measure of choice in this example as the structure was assumed to
behave linearly; thus, no energy-based measure was needed. The maximal allowable
drift was 0.035 m (1% of story height).

The design variables are the locations and stiffnesses of the individual friction
dampers. The dampers are to potentially be located in the peripheral frames, where
they are most effective (as these are the locations within the plan where drifts will
be maximal). Dampers will be assigned to peripheral frames 1 (lower 4 floors,
middle bay), 3 (upper 4 floors, middle bay), 4 (middle bay), 5 (right-hand bay),
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Fig. 19.1 Eight-story setback structure
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Fig. 19.2 Final stiffness of the friction damper’s brace

and 8 (right-hand bay). The yield displacement for each damper was computed
such that the damper slips at a displacement which equals to 90% of the yield
displacement for that brace. For the braces, the steel’s yield stress was taken as
235 MPa, while the modulus of elasticity was taken as 210,000 MPa. The “stepwise
flowchart” described above is closely followed to optimally design the dampers.

Time-history analysis was carried out numerically. The envelope inter-story drifts
of the bare frame at all peripheral locations, along with the allowable value, can be
seen in Fig. 19.2 (in white). As can be seen, drifts higher than the allowable are
obtained, and, thus, a friction damper is added at each of the peripheral locations,
with initial arbitrary values (in this case, a stiffness of 100,000 kN/m was added in
each of the 32 peripheral locations).

With this initially damped frame, time-history analysis was once again carried
out. The initial damping distribution still leads to drifts higher than the allowable,
and, thus, the brace stiffness was reevaluated iteratively, using the analysis/redesign
algorithm and the following recurrence relation

k
.nC1/
0;i D k

.n/
0;i �

0

B
@

max
all EQs

ˇ
ˇ
ˇdrift.n/i

ˇ
ˇ
ˇ

driftallowable

1

C
A

p

(19.7)

where k.n/0;i is the added brace stiffness at location i at the nth iteration, max
all EQs

ˇ
ˇ
ˇdrift.n/i

ˇ
ˇ
ˇ

is the maximum drift of peripheral location i obtained from all the earthquakes
within the ensemble at the nth iteration, driftallowable is the maximal allowable
drift, and p being the convergence constant. Upon convergence, the brace stiffness
distribution shown in Fig. 19.2 was obtained.

With this final damping distribution, time-history analysis was once again carried
out for all ground motions within the chosen ensemble, and the envelope inter-story
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drifts obtained at all peripheral locations can be seen in Fig. 19.3 (in gray). As can
be seen from Figs. 19.2 and 19.3, dampers were only added to locations where the
inter-story drifts equal the allowable, making the obtained solution a FSD.

Figure 19.4 presents the convergence of the design variables (brace stiffnesses)
and the performance measure (inter-story drifts). As can be seen in Fig. 19.4,
although the initial guess was very far from optimum, convergence is practically
reached within less than 50 iterations. This was obtained for a convergence power
value of p D 1 for iterations one to ten and p D 0.5 for all iterations after that.
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19.5 Conclusions

This chapter presents a performance-based methodology for optimally allocating
friction dampers within existing irregular 3D framed structures. The methodology,
which considers the possible dampening of all locations, is based on an analy-
sis/redesign scheme, which is simple to use and does not demand many iterations
to converge, making it very efficient. The methodology is general, making it very
easy to apply to structures with any irregularities. The results obtained are a fully
stressed design, in every location where a friction damper had been added; the
inter-story performance measure (drifts in this case) reached the allowable limit in
at least one of the earthquake excitations within the ensemble. Those are targeted
by the analysis/redesign scheme and are assumed to lead to optimum based on past
experience of the authors (see, e.g., Levy and Lavan 2006).

The methodology presented herein uses the envelope of drifts obtained from
all ground motions within the ensemble, which may impose many unnecessary
analyses. If needed to make the methodology even less computationally heavy, it
is suggested to use a method of preselecting an active ground motion and then
sequentially adding any excitations which violate the drifts of the newly braced
frame, until all active records are revealed (see, e.g., Levy and Lavan 2006).
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Chapter 20
An Energy-Based Design Method for Buildings
with Supplemental Damping and Nonlinear
Behavior

Raul Barrón and A. Gustavo Ayala

Abstract This chapter presents an energy-based procedure for the design of
supplemental damping. The average energy dissipated pear cycle at each interstory
of the framing system is used as the response parameter to be reduced. The response
is obtained from a stochastic approach using the equivalent linearization method and
the transfer-matrix method. As illustrative example, a building with asymmetries
in-plan and in-elevation subjected to bidirectional ground excitation is considered.
In this example, it is observed that the proposed energy-based procedure produces
better designs in terms of the optimal placement and the amount of damping
required to reduce the structural response. It is concluded that the placement of
a small amount of dampers, optimally located in the building, can diminish its
structural response in an efficient and economical manner leading to structures
with diminished hysteretic energy dissipation and consequently reduced structural
damage.

20.1 Introduction

Past years have witnessed an accelerated growth in the development and application
of energy dissipation devices, such as viscoelastic, viscous fluid, friction, and
metallic dampers, to reduce the effects of intense earthquake and wind demands
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upon structures. This chapter presents a procedure for designing the supplemental
damping along with a procedure for the stochastic analysis of hysteretic structures.
The dampers are designed based on energy considerations allowing the supplemen-
tal damping to take a great portion of the hysteretic energy. With this approach,
more damping is provided to the interstories where the inelastic effects are more
notorious. This leads to a more efficient use of the energy dissipation devices to
control the performance of a structure up to the desired limits.

Asymmetries in-plan and in-elevation are considered with a bidirectional ground
excitation characterized by its cross-spectral density. The analysis procedure is
based on the stochastic equivalent linearization method as was proposed in Caughey
(1959, 1963) and on the transfer-matrix technique (Clough and Penzien 2003).

It is important to mention that the stochastic linearization method is used as an
approximation to the problem as, up till now, there is not an exact analytic method
to analyze hysteretic systems within a random vibrations context.

A numerical example is given to illustrate the use of the design procedure
proposed in this chapter. The example is a 6-story steel building with in-plan and
in-elevation asymmetries. The supplemental damping considered is of the viscous-
fluid type.

20.2 Procedure of Analysis

The model used to analyze the buildings assumes that their structure is formed by
independent plane frames interconnected by the floor diaphragms considered rigid
in their own plane. Each frame is idealized by a stick model with a single resisting
element per story. The masses of the building are lumped at the mass center of
the floors. Under these assumptions, the building’s response is described by three
degrees of freedom per level, i.e., the lateral displacements in the X and Y directions
and the rotation � with respect to a vertical axis passing through its mass center (see

Fig. 20.1). Thus, the displacement vector for the n floor is un D f uXn uYn �n gT .
The displacements are absolute; i.e., they are referenced to the ground level.

To allow considering the asymmetry in height, the center of mass of each floor
is not aligned along a vertical axis. As shown later in this chapter, in the transfer-
matrix method, this requires translating the state variables of the lower level of two
consecutive levels to the point aligned with the mass center of the upper level as
shown by the broken line axis in Fig. 20.1.

The equation of motion of the n C 1 floor relates the inertial forces with the shear
forces of the adjacent upper and lower interstory as shown in the following equation

ŒMnC1�f RunC1g D fqnC1g � fq0
ng; (20.1)

where MnC1 is a 3 by 3 diagonal matrix with the mass and the moment of inertia of

the n C 1 floor, q0
n D fqXn qYn Tn gT is the resultant shear-force vector containing
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Fig. 20.1 Degrees of
freedom of two consecutive
levels and the ground level

the X and Y components and the torsional moment Tn. The prime indicates that their
corresponding values have been modified when translated to a position aligned with
the vertical axis of the level above.

The individual shear forces of the resisting elements have three components: a
linear term, ˛jn kjn Oujn; a hysteretic term, .1 � ˛jn/kjnzjn, and a damping term
fD jn from the damping device, where Oujn D ujn � ujn�1 and Ovjn D vjn � vjn�1
are, respectively, the element relative displacement and velocity, kj n is the initial
stiffness, and ˛jn is the post-yielding stiffness ratio, 0 � ˛jn � 1. The shear-force
vector q0

n can be represented by the following equation

q0
n D ŒKn� fun � un�1g C ŒCn� fvn � vn�1g C ŒPZn� fkzng C ŒPDn� ffDng; (20.2)

where ŒKn� is the stiffness matrix obtained by adding the projected individual
stiffnesses kj n, ŒCn� is the damping matrix representing the inherent damping,
fkzng is the vector containing the products .1 � ˛jn/kjnzjn on each row, and
ŒPDn� and ŒPZn� are, respectively, the projection matrix of the dampers and the
hysteretic variables containing on each row the direction cosines of each frame and
the perpendicular distance from its axis to the mass center of the level n C 1, i.e.,
the jth row is Œ cos �j sin �j dj �.

The variables zjn, which define the assumed hysteretic behavior, are modeled by
a first-order nonlinear differential equation. In this research, the Bouc-Wen model
without degradation is used (Bouc 1967; Wen 1976). Taking the coefficients ˇ and
� equal to 0.5 and an odd exponent n equal to 3 reduces the original equation to

Pzjn D Ovjn � 0:5.jOvjnjz3jn C Ovjnjz3jnj/
u3yjn

; (20.3)

where uyjn is the yield displacement. A linear approximation of Eq. (20.2) is

Pzjn D a0jn C a1jn Oujn C a2jn Ovjn C a3jnzjn: (20.4)
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The linearizing coefficients ai jn, i D 0,1,2,3 are determined by minimizing the
mean square of the difference between the original and its linear approximation. It
can be shown that the only nonzero coefficients are a2j and a3j . The formulas to
evaluate these coefficients assuming a truncated gaussian distribution are obtained
in Barrón and Ayala (2011).

The force in the damping devices is modeled with the following linear equation

fDjn C b3jn PfDjn D b1jn Oujn C b2jnOvjn; (20.5)

where the coefficient b2 jn represents the viscous damping, b1 jn represents the
rigidity of the damper in the case of viscoelastic dampers, or yielding dampers,
and b3 jn represents the relaxation time of the damper.

In the state space representation, the equation of motion for the level n C 1,
Eq. (20.1), may be written as a system of nine first-order ordinary differential

equations in the variables f unC1 vnC1 qnC1 gT and f u0
n v0

n q0
n gT as shown next

"
Dt �I 0

0 �MnC1Dt I

Kn Cn 0
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D
"
0 0 0

0 0 I

Kn Cn I
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n

)

�
"

0

0
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#

fkzng �
"

0

0

PDn

#

ffDng;
(20.6)

where I is the 3 � 3 identity matrix and Dt is a diagonal matrix with first-order
differential operators on its diagonal to take the first derivative of the variables with
respect to time.

Equations (20.4), (20.5) and (20.6) form a system of simultaneous ordinary
differential equations. The solution of these equations is carried out in the frequency
domain using the transfer-matrix method (Clough and Penzien 2003), which
requires evaluating their Fourier transform to transform them on a system of linear
algebraic equations for each frequency.

Let Un.!/ D ˚

Un Vn Qn

�T
be the Fourier transform of the state vector un.t/ D

f un vn qn gT ; from the transformed equations of motion, the state vector UnC1 can
be solved and expressed in terms of the state vector of the adjacent lower floor
Un through the matrix Œ TnC1� known as the transfer matrix from level n to level
n C 1. The analysis of the building structure is carried out level by level by means
of a sequence of transfer-matrix multiplications beginning with the transfer matrix
of the state variables at the ground level U0, which allows the establishment of a
relationship between the state variables of each level with the state variables of the
ground as shown in Eq. (20.6):

fUnC1g D ŒTnC1Tn : : : T1�fU0g: (20.7)

It is important to mention that for the first level, the ground displacements and
velocities are obtained by integrating the ground accelerations. In the frequency

domain, this is performed with the following equations: Uo D .i!/2f u RXo u RY o R�o gT
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and Vo D .i!/f u RXo u RY o R�o gT . The boundary conditions at the roof are zero shear
forces. Introducing these conditions in the system of equations for the last level
allows the evaluation of the base shear force Q0. For this sake, it is assumed that
the ground acceleration components are Dirac delta function so that their Fourier
transform is unity; therefore, the state variables un.t/ represent the unit-impulse
response functions, and their Fourier transform Un.!/ are the corresponding
transfer functions.

Having calculated the transfer function of the ground-state variables, U0, the
transfer function Un of each floor can readily obtained by means of Eq. (20.7), and
its covariance matrix can be evaluated with the following equation

Œ	unun � D
1Z

�1
UnŒS RX RY �U

�
nd!; (20.8)

where U�
n D conjugate .Un/ and ŒS RX RY � is the matrix that contains the auto- and

cross-spectral densities of the ground accelerations.

20.3 Design of the Dampers

The procedure for designing the dampers requires evaluating the mean amplitude of
the vibration cycles Dmax. For this sake, the displacement probability density func-
tion of local maxima as proposed in Cartwright and Longuet-Higgins (1956) is used.
The dissipated energy at a given interstory of a certain frame consist of three terms:
the hysteretic energy EH, the energy dissipated by the inherent camping EID, and
the energy dissipated by the damper itself, ED. In terms of the expected values for
a random response, or for a harmonic vibration, it can be shown that the dissipated
energy per cycle can be evaluated with the following equations (Chopra 2011):

Hysteretic dissipated energy:

EH D area under the force-displacement curve of amplitude Dmax:

Energy dissipated by the inherent damping in the structure:

EID D 2��K ND2
m!

!n
:

Energy dissipated in a viscous type damper:

ED D � c! ND2
m;

where ! is the central frequency in the power spectral density of the ground
acceleration, !n and � are, respectively, the natural frequency of the structure and
the damping ratio of the structure without dampers, c is the damper constant, and K
is the interstory stiffness.
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The mean local maxima amplitude Dmax can be reduced up to the desired limit
D0 by increasing the constant c of the damper. As the energy introduced by the
earthquake depends on the amplitude of the response, and this is what is aimed to
be reduced, the design method requires an iterative procedure which keeps reducing
the mean amplitude Dmax until the objective value is reached, i.e., Dmax D D0. The
steps of the iterative process are the following:

1. Calculate the target energy E0 in a cycle of vibration of reduced amplitude D0,
which is made of the hysteretic energy EH plus the energy dissipated by the
inherent damping in the structure.

E0 D E
D0
H C 2��kD0!

!n

2. Calculate the total energy ET in a cycle of amplitude Dmax dissipated by the
inherent damping, the hysteresis, and the damper itself.

ET D E
NDmax

ID C E
NDmax

H C E
NDmax

D

3. With the difference of energiesET �E0, calculate the new damper coefficient c.

c D ET � E0

� ! u20

4. Repeat steps 2–3 until convergence on the value of c is reached for each damper.

20.4 Numerical Example

A 6-story steel building with in-plan and in-elevation asymmetries is used to
illustrate the design procedure for the supplemental damping; see Fig. 20.2.

Table 20.1 presents the floor masses and their respective center of mass and the
sections of beams and columns.

The inherent damping of the structure was modeled as a Rayleigh type using as
parameter those obtained with the frequencies of the first and third modes using
for them 3% damping ratios. The base of the building was assumed rigid, and P-�
effects were neglected. The building was designed to have a ductile behavior using
the strong columns-weak beams criterion. This approach guaranties that the plastic
hinges are formed at beams. Plastic hinges in columns were only allowed at their
bases in the ground floor.

The analysis procedure proposed in this investigation models the planar frames
as shear-beam-like structures with a hysteretic element at each interstory to rep-
resent its stiffness and energy dissipation capacity. The interstory stiffnesses were
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Fig. 20.2 Isometric view and in-plan dimensions of the building structure

Table 20.1 Floor masses, their location, and the section of beams and columns

Level
Mass
(kg) � 103

Mom. of inertia
(kg m2) � 103 Xcm (m) Ycm (m)

Beams
W section

Columns circular
section diameter
and thickness

1 691 252,461 17.25 20.25 16 � 40 16 � 1/2
2 691 252,461 17.25 20.25 16 � 40 16 � 1/2
3 691 252,461 17.25 20.25 16 � 31 16 � 3/8
4 648 209,544 18.0 19.8 16 � 26 16 � 3/8
5 518 69,984 21.0 18.0 16 � 26 16 � 3/8
6 389 52,488 21.0 18.0 16 � 26 16 � 3/8

calculated from a static linear elastic analysis with lateral forces proportional to the
first mode. The yielding shear forces were calculated considering that the plastic
moments of the beams are distributed by half between the upper and lower columns
to which they are connected. The shear force was obtained by dividing the sum of
the moments at the ends of a column by the interstory height. For the first interstory,
it was considered that the top moments are 75% of their corresponding plastic
moment. Table 20.2 shows the stiffnesses and yielding shear forces as calculated.

The ground acceleration is assumed as a vector random process with components
in X and Y direction. This vector process is assumed stationary gaussian with
zero-mean. The unilateral auto- and cross-power spectral densities were obtained
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Table 20.2 Interstory stiffnesses and resisting shear forces in the frames of the building

Stiffness (KN/cm) Yielding shear force (KN)

Frames Frames

Inter-story 1, 2 3, 4, 5, 6 A, B, C D, E, F, G 1, 2 3, 4, 5, 6 A, B, C D, E, F, G

1 294 539 294 451 981 1,717 981 1,472
2 206 383 206 314 734 1,462 736 1,216
3 147 294 147 235 638 1,275 638 1,059
4 118 245 127 186 471 942 471 785
5 – 216 118 137 – 804 402 667
6 – 186 108 108 – 804 402 667

Table 20.3 Mean dissipated hysteretic energy per cycle in the uncontrolled structure in
percentage

Frame 1 2 3 4 5 6 A B C D E F G

Energy 0.5 0.8 4.3 8.9 18.9 37.3 14.2 6.8 3.1 1.9 1.1 0.9 1.3

using the strong part of the record of the 8.1 magnitude earthquake registered at
the building of Minister of Communications and Transportations (SCT) in Mexico
City during the 1985 Michoacan earthquake. The strong portion of the record was
evaluated based on the Arias intensity; its duration is 45 s.

20.4.1 Presentation and Discussion of the Results

In what follows, a comparison of the performances of the buildings with and without
dampers is presented. The building was designed to have a ductile behavior that
implies large displacements in the building’s frames; therefore, the hysteretic energy
dissipated by the uncontrolled structure (with no dampers) is large. The mean
dissipated hysteretic energy per cycle by the structure is 130 kJ. The distribution
of this energy in the frames, in percent, is given in Table 20.3.

From this table, it can be observed that the frames 5, 6, and A dissipate the
larger amount of energy. It appears that the best locations to place the dampers are
those frames. However, if the dampers are placed only on those frames, the structure
may become unbalanced because the dampers are not distributed evenly around the
building. With the procedure herein proposed, one can assume that the dampers
are placed at each interstory of each frame. The procedure by itself will assign the
required amount of damping according to the dissipated energy at each interstory;
i.e., it will add more damping to the interstories with the larger amount of hysteretic
energy. Table 20.4 presents the value of the assigned damping to each interstory.
From this table, it can be observed that dampers are placed in the outermost
frames where they are more effective. It is also shown the mean displacement
of local maxima, Dmax, for the uncontrolled and controlled structures. The target
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Table 20.4 Location and coefficients of the added dampers and mean displacement of local
maxima in the uncontrolled and controlled structures

Damping coefficient
(KN-s/cm)

Initial displacement (cm) Final displacement (cm)

Uncontrolled structure Controlled structure

Interstory 6 A G 6 A G 6 A G

6 0 0 0 0.9 0.9 0.7 0.6 0.7 0.7
5 0 0 0 3.0 2.2 1.3 1.6 1.4 1.1
4 60 0 0 3.3 3.1 1.7 2 2.0 1.6
3 84 44 0 3.4 3.3 1.9 2 2 1.9
2 146 0 11 3.5 3.1 1.9 2 1.9 2
1 0 0 0 2.9 2.6 1.7 1.9 1.8 1.5

Table 20.5 A comparison of
the dissipated energies in the
uncontrolled and the
controlled structures

Dissipated energy (kilojoules/cycle)

Structure Uncontrolled Controlled

Inherent damping 120 70

Added damping 0 130

Hysteresis 130 20

Total 250 220

displacement D0 was set to 2 cm. From this table, it can be seen that, although
the initial displacements are larger than 2 cm in several interstories, the design
procedure assigns the adequate amount of damping to reduce all the displacements
to be less or equal to 2 cm.

A comparison of the various energies dissipated in the uncontrolled and the
controlled structures is presented in Table 20.5. It can be seen that the hysteretic
energy is reduced 85% in the controlled structure. Also, it can be seen that the
supplemental damping takes a larger amount of the dissipated energy.

Figure 20.4a, b shows the hysteresis loops of the interstory 2 of frame 6 in
the uncontrolled and controlled structures. It can be observed that the maximum
displacement, which in the uncontrolled structure is close to 8 cm, is reduced to
4.5 cm in the controlled structure. The maximum displacement in the controlled
structure is a little bit larger than the yield displacement of 4.3 cm; this makes
the structure to behave almost linearly as can be seen on its hysteretic plot in
Fig. 20.4b.

For the shortness of this chapter, additional results are brevity mentioned as
follows: (1) In the frame 6, at roof level, the mean maximum displacement was
reduced from 34 to 23 cm (see Fig. 20.3); this represents a 32% reduction. (2)
Regarding to the floor rotations, which are not shown in this chapter, they were
reduced 35%. (3) Finally, there was a large reduction in the total mean dissipated
hysteretic energy per cycle; this was reduced 85%.
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Fig. 20.3 Displacement
profile of frame 6 for the
controlled and uncontrolled
structures

Fig. 20.4 (a) Hysteresis loops of the uncontrolled structure (b) Hysteresis loop of the controlled
structure

20.5 Conclusions

In this chapter, a method to evaluate the probabilistic seismic response of an
asymmetric building with nonlinear behavior and a procedure to design the sup-
plemental damping aimed to reduce this response are presented. To demonstrate the
application of these two, an illustrative numerical example of a steel building with
in-plan and in-elevation asymmetries is used. From the analysis of the results of this
example, the following conclusions may be derived.

• The strategically positioning of the damper allows a more efficient use of them,
which results in a considerably reduction of the structural response at a minimum
cost. For example, the rotations of the levels were reduced up to 35%, the
reduction of displacements was of the order of 32%, and the energy dissipated
by hysteresis was reduced up to 85%.
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• It is confirmed that the criterion of transferring the largest part of the energy
dissipated by the structure to the supplemental damping is a good procedure to
dimension the dampers; with this criterion, more damping is proportioned to the
interstories with the larger energy dissipation.
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Chapter 21
Mitigation of the Seismic Response of Structures
with Vertical Stiffness and Strength Irregularity
Using Supplemental Dampers

Jack Wen Wei Guo and Constantin Christopoulos

Abstract As part of the Canadian Seismic Research Network’s (CSRN) newly
developed performance spectra-based design methodology for buildings with sup-
plemental damping, this chapter proposes an index for quantifying the degree of
vertical stiffness/strength irregularity based on elastic modal properties. Using this
index, a damper distribution technique is developed to correct irregularities while
adding damping to control the seismic response to meet a given set of performance
targets. Nonlinear time-history analyses of simplified 4-, 9- and 15-storey irregular
shear buildings with hysteretic and linear viscous and viscoelastic dampers are used
to verify and to establish the limits of application of the proposed distribution
technique. It is found that the procedure offers simplicity and sufficient accuracy
for design purposes if the structure meets the criteria identified in this study. Retrofit
examples using the proposed methodology are also presented for a 9-storey irregular
steel moment frame in Canada.

21.1 Introduction

Supplemental damping technologies have demonstrated tremendous potential for
the seismic upgrade of structures due to their versatility and cost-effectiveness
compared to traditional stiffening and strengthening techniques. In order for
practising engineers to utilize supplemental damping effectively in seismic upgrades
of low- to mid-rise frame structures, a simplified approximate design method
based on performance spectra has recently been proposed (Guo and Christopoulos
2011). Central to this approach is the identification of a target SDOF with specific
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damping parameters on the performance spectrum (P-Spectrum) and the subsequent
transformation of this SDOF into an MDOF system with supplemental dampers
to achieve a given set of performance targets. A major issue associated with such
a transformation is the existence of vertical irregularities in the original structure
(herein called the base frame), which can significantly alter the global response of
the MDOF structure from the design target.

Vertical mass, stiffness and strength irregularities have been studied by a number
of researchers in the past. It has been previously established by Valmundsson
and Nau (1997), Tremblay et al. (2005) and Michalis et al. (2006) that mass
irregularity is least detrimental in causing undesirable structural response when
compared to stiffness and strength irregularities. Furthermore, Valmundsson and
Nau (1997) and Michalis et al. (2006) found that stiffness and strength can increase
local and global displacements significantly. Using shear structures, Al-Ali and
Krawinkler (1998) confirmed the drift amplifications due to stiffness and strength
irregularities and found that irregularities near the base and mid-height of the
structure tend to generate higher displacement demands than the same irregularity
located at the top of the structure. Studies on real vertically irregular frame structures
(Magliulo et al. (2002), Das and Nau (2003) and Athanassiadou (2007)) showed
that real frames show smaller drift amplification than shear structures since storey
mechanisms (i.e. column sway) do not form frequently and redistribution of storey
shear occurs. Studies based on structural models with weak-beam-strong-columns
by Chintanapakdee and Chopra (2003) as well as shear wall structures by Miranda
and Reyes (2002) reached similar conclusions regarding the decrease in drift
amplification due to redistribution of forces.

While there is good evidence suggesting that the effects of irregularities in
stiffness and strength can be effectively mitigated by forcing a beam-hinge mecha-
nism through proper capacity design, this assumption is often unconservative when
dealing with existing structures constructed prior to modern seismic codes. This
study primarily concerns with the global displacements and forces of the upgraded
irregular structure designed using the newly proposed performance spectra-based
method. An index based on elastic properties is proposed to quantify vertical
irregularity. Based on this index, damper distributions are modified in order to
mitigate seismic responses to the predetermined performance targets.

21.2 Modelling Irregularity

In order to capture the column sway mechanism in older structures, simplified shear
building models with constant storey mass are used in this study to represent the
idealized MDOF structure. Furthermore, following the assumption that stiffness
and strength are in direct proportion (Priestley et al. 2007), a complete description
of stiffness and strength of the shear MDOF can be determined from knowing the
fundamental period, mode shape and the shear strength Vf , expressed as the % of
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mi

damper
columns in shear

Fig. 21.1 Idealized shear
structure with dampers

elastic base shear computed by a traditional spectral analysis. When Vf D 100%,
the structure remains linear elastic for the given ground excitation. Figure 21.1
illustrates the shear structure considered in this study.

In many of the previous studies, a structure is considered irregular if it violates
the requirements on the distribution of mass, stiffness and strength in the applicable
building codes (i.e. UBC in Valmundsson and Nau (1997), Das and Nau (2003), EC8
in Athanassiadou (2007)). The binary classification of regular/irregular in codes acts
to restrict the usage of certain analysis methods in the iterative design process. In
order to find the limit of application for the proposed direct supplemental damper
distribution method, a binary classification is not sufficient and different degrees
of irregularity need to be quantified. In this study, a perfectly regular structure is
defined as a structure that has a linear or straight fundamental mode shape. Hence,
given the base frame period Tf and strength Vf expressed as a fraction of the elastic
seismic base shear, the storey lateral stiffness and strength are given by

Kf;i D
�
2�

Tf

�2
Pn

jDi mj�
1
j

��1i
(21.1)

Vf;1 D Vf 
1
f Sa




Tf
�

g
X

mi�
1
i IVf;i D Vf;1

�
Kf;i

Kf;1

�

(21.2)

where mi, �1i and ��1i are the storey seismic mass, first mode ith modal ordinate
and the ith modal inter-storey drift, respectively. Sa




Tf
�

, 1f and g are the spectral
acceleration, modal participation factor and acceleration due to gravity. For a regular
n-storey structure with constant height, the first mode shape is defined as

�1i D i

n
I ��1i D 1

n
(21.3)

In this study, irregular stiffness and strength distributions are obtained by Eqs.
(21.1) and (21.2) using mode shapes whose modal inter-storey drifts, ��1i ’s,
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are perturbed from those described in (21.3). Specifically, a given irregularity is
described by a factor K, called the drift amplification factor defined as follows

K D max

 

��1i

��1i

!

(21.4)

where ��1i is the average inter-storey drift excluding storey i and its immediately
adjacent storey(s). Irregularities are also categorized into types L (base of structure),
M (at the jth level) and U (roof of structure) by their locations. ��1j in an n-storey
shear structure with irregularity at ith storey have the following properties:

1. ��1j D const: .1 � j � nI j ¤ i; i ˙ 1/

2. ��1j D K��1i .j D 1/

3. ��1j D .KC1/��1i
2

.1 � j D i ˙ 1 � n/

From weak-beam-strong-column structural models, it was shown that an irregu-
larity at storey i tends to influence adjacent storeys (Chintanapakdee and Chopra
2003). Equation (21.3) above describes a linear variation of drift between the
irregularity and its adjacent floors to the rest of the structure. Due to the dependency
of stiffness and strength, K provides a quantitative measure of stiffness and strength
irregularity for the proposed damper distribution procedure. By manipulating Eqs.
(21.1), (21.3) and (21.4), the stiffness reduction ek necessary to generate a drift
concentration K at the location of irregularity for an n-storey shear structure can be
calculated as follows

ek D 2



n�1
2K

�

.3K C n � 1/C 1
�

n .nC 1/
� 1 .Type L/

ek D .n � j � 1/ .4K C j C n � 2/C 7K C 4j � 5
K .n .nC 1/ � j .j � 1//

� 1 .Type M/

ek D 2nC 3K � 3
2Kn

� 1 .Type U/ (21.5)

The curves generated by Eq. (21.5) are shown in Fig. 21.2 for different values
of n. The irregularity is assumed to be at the mid-height for type M.

Based on the shear building model, for the same levels of drift amplification,
type U irregularity can tolerate more reduction in stiffness than both types L and M.
Furthermore, as the number of storeys increases, the influence of a single irregularity
tends to decrease. The drift amplification is relatively stable with respect to the
stiffness reduction when the reduction is less than roughly 15%, which corresponds
to K � 1.3. For this reason, K D 1.3 can be considered as a limit of regularity beyond
which modification of damper design would be required to account for irregularities.
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Fig. 21.2 Stiffness reductions at irregularity vs. elastic drift amplification

21.3 Proposed Distribution Procedures

A brief description of the performance spectra-based design method is first outlined.
Performance spectra (P-Spectra) are graphical tools showing the response of
an inelastic SDOF system with a certain supplemental damping characteristic.
P-Spectra for hysteretic damper, viscous damper and viscoelastic damper can
be generated automatically using a computer script or derived using an equiva-
lent linearization formulation described in Guo and Christopoulos (2011). Each
P-Spectrum corresponds to a base frame with period Tf and strength Vf , expressed
as a % of the elastic base shear mSa(Tf ), where m and Sa(Tf ) are the mass and
spectral acceleration, respectively. Figure 21.3 shows sample P-Spectra generated
from nonlinear time-history analysis of systems equipped with (a) hysteretic and
(b) linear viscous/viscoelastic dampers.

In Fig. 21.3, the response quantities Rd and Ra are defined as the damped
system displacement and base shear (proportional to acceleration) normalized to
the spectral displacement and base shear of the elastic base frame with period
Tf . Rs is the fraction of Rd that is retained as residual displacement. Once the
target displacement, base shear and residual displacement are specified, the required
damper properties can be read directly from the P-Spectra. Hysteretic dampers
are defined by the damper ductility �d and stiffness ratio ˛, which represents the
fraction of the total initial stiffness contribution of the damped structure by the
base frame. Viscoelastic dampers are defined by ˛ and the damping factor �, which
equals the damping ratio when the system period is Tf . Once these parameters are
identified, a transformation is applied to compute the required damper properties at
each storey of the MDOF structure in order to achieve the performance targeted
on the P-Spectrum. For all dampers (except viscous fluid dampers), a non-zero
supplemental stiffness Kd,i is assigned based on

Kd;i D
�
2�

Tf

�2
Pn

jDi mj d
1
j

�d1i
�Kf;i � 0 (21.6)

Ti D Tf
p
˛ (21.7)
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Fig. 21.3 P-Spectra for (a) hysteretic dampers and (b) viscous/viscoelastic dampers

where mi, d1i and Kf,i are the ith storey mass, design mode shape (designer choice)
and lateral stiffness contribution from the base frame and �d1i D d1i � d1i�1.
Equation (21.6) computes the difference between the required initial stiffness of
the braced structure (given by initial period Ti and design mode shape d1i ) and the
available stiffness of the base frame. Assuming that irregularities are absent, the
activation load Vd,i of the hysteretic dampers are given by

Vd;i D �1Sd



Tf
�

Rd�d
1
i

�
Kd;i
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�

� 0 (21.8)

where 1 and Sd(Tf ) are the first modal participation factor and the spectral
displacement of the system with period Tf . The term 1Sd
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�
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1
i is the target

inter-storey drift �di and Kd;i=�d is the secant lateral stiffness of the damper.
For viscous and viscoelastic dampers, the required viscous constants ci’s are

functions of the target viscous damping parameter � found on the P-Spectra:

ci D
2�M1

�
2�
Tf

	

Kd;i

P
Kd;i




�d1i
�2

(21.9)

In (21.9), M1 is the first mode modal mass. For viscous dampers, Kd,i D 0 and
the design mode shape is made equal to the first mode shape of the base frame. The
viscous constants are obtained from (21.9) by replacing Kd,i by a fictitious stiffness
Kd;i computed using (21.6) using an arbitrary Ti < Tf . Kd;i ’s are not real stiffness
but are numerical tools for obtaining stiffness proportional damping as discussed in
Christopoulos and Filiatrault (2006).

Equation (21.6) accounts for the difference in required and available stiffness
for regular and irregular stiffness distributions. Furthermore, the activation load in
hysteretic dampers in Eq. (21.8) can be altered to correct the strength irregularity
using a more general expression
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Fig. 21.4 Conceptual illustration of supplemental damper design

VdIR;i D Vd;i C Vreg;f;i � Vf;i � 0 (21.10)

where Vd,i is given by (21.8), Vreg,f,i is given by (21.2) using mode shape of (21.3) and
Vf,i is the actual strength in the base frame. For shear structures, it is given by (21.2)
using actual mode shapes of the irregular base frame computed from an eigenvalue
analysis. Equation (21.10) assigns activation loads of hysteretic dampers to ensure
that the total storey strength in an irregular structure is equal to that of the regular
structure, which is Vd,i C Vreg f,i. The procedure of supplementing missing stiffness
and strength in an irregular structure using dampers is illustrated in Fig. 21.4.

When Eqs. (21.6) and (21.10) give negative values of stiffness and strength,
the structure should be considered highly irregular and either requires additional
retrofit (possibly involving softening/weakening) to correct its irregularity prior to
applying supplemental dampers or a different set of design targets should be used.
Finally, modifying the damper distribution for irregularity using (21.6) and (21.10)
can impair the energy dissipation properties of the system. Hence, the first mode
secant damping of the damped MDOF computed as the dissipated energy over the
elastic strain energy at the target displacement should not be less than 80% of the
damping in the target SDOF. The expressions to evaluate these parameters are given
in Guo and Christopoulos (2011).

21.4 Irregularity Limits

In order to establish limits of K such that Eqs. (21.6), (21.9) and (21.10) produce
designs that satisfy the performance targets, extensive numerical analyses of shear
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Fig. 21.5 Acceleration spectra of ground motions used in the numerical analyses

structures are conducted. For these analyses, a suite of ten recorded ground motions
scaled to the LA design spectra, shown in Fig. 21.5, are used.

Using (21.6), (21.9) and (21.10), 9 different damper designs (3 ˛’s, 3 �d’s
for hysteretic damper and 3 �’s for viscoelastic damper) for 4- to 15-storey shear
structures with Tf ranging from 0.5 to 2.0 s and Vf from 10 to 40% are analysed.
Each analysis is repeated for irregularities at the base (type L), mid-height (type M)
and roof (type U) with K set to 2.0, 4.0 and 6.0. The roof displacement and base
shear are normalized to the elastic responses and are compared to the target Rd,Rv

(equal to Ra less the viscous contribution) and Ra on the P-Spectra.
To conserve space, only the responses of type L irregularities are shown for

hysteretic and viscoelastic dampers in Fig. 21.6. As indicated by Fig. 21.6, the
responses match the predictions reasonably well when K is less than 4.0 for
hysteretic dampers and less than 2.0 for viscoelastic dampers. While some hysteretic
designs with K D 6 achieved good performance, the vast majority of these designs
performed poorly and are not shown because they failed to meet the inequality
in (21.6) and (21.10). Hysteretic dampers can tolerate more stiffness and strength
irregularity because they supplement both stiffness and strength. On the other hand,
viscoelastic dampers only supplement stiffness through Eq. (21.6) and have no cap
on the damper forces. It is possible that an increase in supplemental stiffness to
compensate the initial stiffness deficiency can result in a higher storey strength than
what is required to achieve regularity. This “overcompensation” in turn causes the
irregularity to shift to locations where supplemental stiffness was decreased to fix
the initial stiffness irregularity. Based on the numerical analysis, overcompensation
is much more likely to occur for base frames with strength Vf < 20% because
the total storey strength capacity is highly sensitive to added capacity of the
viscoelastic spring. Hence, the criteria that K � 2.0 and Vf � 20% is imposed to
ensure satisfactory performance for structures with viscoelastic dampers. While
it was found that systems with viscous fluid dampers can occasionally give good
performance, the trend is not consistent. For some ground motions, particularly
records that induce a few very large inelastic cycles, stiffness and strengths are more
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Fig. 21.6 Responses of type L MDOF with (a) hysteretic and (b) viscoelastic dampers
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important in controlling the response. Since fluid viscous dampers provide neither,
they tend to perform poorly in these situations. For this reason, it is recommended
that viscous dampers should only be used for regular base frames (K< 1.3), unless
more accurate nonlinear analyses are used to verify the design. The K limits for type
M irregularities are similar, and the limits for type U irregularities are somewhat
larger. However, for convenience and conservatism, the same limits are applied to
all irregularity types. It was also observed that both types L and M irregularities can
significantly increase global displacements of the damped structure. In contrast, type
U irregularities are much less influential to the global displacement response, which
confirms previous observations (Al-Ali and Krawinkler 1998; Chintanapakdee and
Chopra 2003).

21.5 9-Storey Moment Frame Design Example

To illustrate the method, retrofit designs are carried out for a 9-storey limited
ductility steel moment frame in Vancouver, Canada. Figure 21.7 shows the elevation
of the frame along with the acceleration spectra for 10 synthetic records (Charette
2009) as well as the NBCC (National Building Code of Canada) 2% in 50 years
design spectra for Vancouver, Canada.

The required performance target is 0.8% drift under 1.5 times the UHS due to
the importance factor for hospitals. Diving the target drift by the first mode elastic
drift from spectral analysis yields the first mode normalized displacement Rd�1.
To account for higher mode effects, a higher modes reduction factor (Guo and
Christopoulos 2011) based on a simplified inelastic modal combination technique
is applied to Rd�1 to obtain the design normalized displacement Rd D 0.45. From
OpenSees, the period of the structure is 2.25s. The storey shear capacities are
determined using a plastic analysis of an assumed column sway mechanism. In order
to quantify the reduction in storey shear capacity of the base frame due to column
axial loads and P�� effects, a conservative approximation of the actual available

Vancouver Acceleration Spectra
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Fig. 21.7 Acceleration spectra of ground motions and elevation of 9-storey frame
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Table 21.1 Summary of properties of elastic frame E1 and retrofit R1

Base frame (E1—pinned) R1

i di
(21.3) �di(mm)(21.8) Kf



kN
mm

�
(21.1) Vf .kN/(21.11) Kd



kN
mm

�
(21.6) Vd .kN/(21.10)

9 1.00 22.2 3:9 130 0 0
8 0.90 24.5 21:7 450 0 0
7 0.79 24.5 21:0 371 39.6 321
6 0.68 24.5 31:0 706 53.6 240
5 0.57 24.5 31:4 602 73.4 656
4 0.46 24.5 35:0 917 86.0 551
3 0.35 24.5 33:3 792 100.0 891
2 0.24 24.5 29:2 1;604 112.5 209
1 0.12 27.6 13:1 511 116.9 1,545
(x) denotes the equation number for which the calculations are based on

lateral strength is made by reducing the shear strength of the plastic analysis Vf,i by
the following

Vf;i
� D Vf;i

�

1 �
P
Pc

P
Acfy

�

�

nP

jDi


P

Pc
�

�t



Hj �Hi�1
��

hi
(21.11)

where Pc, Ac and fy are the column axial force, column sectional area and yield
strength. � t is the target design drift of 0.8%, Hi and hi are floor height measured
from the ground and storey height, respectively. From Eqs. (21.11) and (21.4),
Vf D 28% and K D 4.33, which is close enough to the allowable irregularity limit for
hysteretic dampers. However, viscous/viscoelastic dampers are not recommended.
Alternatively, fixing the base columns results in a new base frame with Tf D 1.78
s, Vf D 58% and K D 1.68. Using the P-Spectra, a hysteretic damper solution R1
(˛D 0.2; �d D 2.0) for the pinned frame as well as a hysteretic damper solution
R2 (˛D 0.2; �d D 10) and a viscoelastic damper solution R3 (˛D 0.75; �D 22.7%)
for the fixed base frame are selected. The design calculations are summarized in
Tables 21.1 and 21.2.

Figure 21.8 shows the average drifts of R1 compared to the pinned elastic base
frame E1 and the average drifts of R2 and R3 compared to the fixed elastic base
frame E2. The inelastic responses of the undamped frames are not shown because
the frames collapsed for almost all of the records that are considered.

Significant reduction in response can be seen in all retrofits compared to the
undamped elastic structures E1 and E2. The first mode targets in Fig. 21.8 are based
on the Rd used for design, which have been reduced to account for higher modes so
that the actual storey drifts will meet the performance target of 0.8%. Figure 21.8
shows that the drifts in storey 7 of R1 and storey 2 in R2 are somewhat over the target
of 0.8%. This is due to inaccuracies in the estimate of the frame strength and higher
mode contributions in the inelastic structure during the design process. Further fine-
tuning is required to improve the responses. By dividing the roof drift and base shear



320 J.W.W. Guo and C. Christopoulos

T
ab

le
21

.2
Su

m
m

ar
y

of
pr

op
er

ti
es

of
el

as
ti

c
fr

am
e

E
2

an
d

re
tr

ofi
ts

R
2

an
d

R
3

B
as

e
fr

am
e

(E
2—

fix
ed

)
R

2
R

3

i
d i

(2
1.

3)
�

di
(m

m
)

(2
1.

8)
K
f



kN m

m

�
(2

1.
1)

V
f
. k

N
/(

21
.1

1)
K
d



kN m

m

�
(2

1.
6)

V
d
. k

N
/(

21
.1

0)
K
d



kN m

m

�
(2

1.
6)

c d



kN
s

m
m

�
21

.9

9
1.

00
19

.7
4
:1

1
3
0

0
0

0
0

8
0.

90
21

.8
2
2
:0

4
5
0

0
0

0
0

7
0.

79
21

.8
2
1
:1

3
7
1

75
.6

32
0

4.
7

2.
1

6
0.

68
21

.8
3
1
:2

7
0
6

10
4.

0
25

6
4.

8
2.

2
5

0.
57

21
.8

3
1
:6

6
0
2

13
5.

9
60

5
13

.0
5.

9
4

0.
46

21
.8

3
5
:5

9
1
7

15
7.

8
47

8
16

.0
7.

3
3

0.
35

21
.8

3
5
:8

7
9
2

17
7.

2
75

3
21

.0
9.

5
2

0.
24

21
.8

4
0
:8

1
;6
0
4

18
5.

6
35

19
.6

8.
8

1
0.

12
24

.5
4
8
:8

1
;2
8
4

15
8.

8
37

5
6.

5
3.

0
(x

)
de

no
te

s
th

e
eq

ua
ti

on
nu

m
be

r
fo

r
w

hi
ch

th
e

ca
lc

ul
at

io
ns

ar
e

ba
se

d
on



21 Mitigation of the Seismic Response of Structures with Vertical Stiffness. . . 321

Inter-storey Displacement (mm)

S
to

re
y 6

5

4

3

2

1

9

8

7

S
to

re
y 6

5

4

3

2

1

9

8

7

0 20 40 60 80 100 120 140 160

Inter-storey Displacement (mm)

0 20 40 60 80 100 120 140 160

First Mode Target
R1
E1

Target (0.8%)
First Mode Target

R2
E2

Target (0.8%)

R3

Fig. 21.8 Average inter-storey drifts of R1, R2 and R3

Table 21.3 Summary
of global responses compared
to P-Spectra targets

Rd
* RV /Ra

**

Retrofits Target Actual Target Actual

R1 0.46 0.48 1.21 0.98
R2 0.45 0.46 0.63 0.67
R3 0.47 0.43 0.71 0.74

* Rd calculated at roof, **RV D base shear for R1
and R2, Ra D base shear for R3

forces of the retrofits R1, R2 and R3 by the roof drift and base shear of the elastic
base frames E1 and E2, the global normalized responses are computed. Table 21.3
compares the global responses obtained from nonlinear time-history analysis with
the P-Spectra targets.

The displacement targets are generally well achieved, while the base shear targets
are somewhat less accurate. The 20% overestimate of the actual normalized shear
in R1 is due to the very different higher mode contributions to shear in the pinned
elastic frame and the more regular retrofitted structure. This example illustrates that
the retrofits resulting from the proposed direct design method met or performed
close to the performance targets and can be a convenient and powerful tool for
practical designs of structures with supplemental dampers.

21.6 Conclusions

A method compatible with performance spectra-based seismic design that dis-
tributes supplemental dampers to a multistorey structure with existing vertical
stiffness and strength irregularities to achieve performance targets is proposed. An
index called the drift amplification factor K � 1 has been proposed to quantify
the degree of irregularity in stiffness and strength assuming that these quantities
are proportional. Based on parametric analyses of systems with types L, M and
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U irregularities equipped with supplemental dampers, the distribution method
performs well if the value of K is less than about 4.0 for hysteretic dampers and
less than 2.0 for viscoelastic dampers. Furthermore, to avoid overcompensating the
stiffness irregularity using the proposed method when using viscoelastic dampers,
minimum strength requirement should be met. For linear viscous dampers which
neither provide stiffness nor strength, the performance targets are not always
achieved based on the numerical study. As a result, K � 1.3 is recommended for
linear viscous dampers unless time-history analysis is carried out to verify the
design. Finally, a retrofit example of a 9-storey steel frame in Canada was used to
demonstrate the damper distribution method. The nonlinear time-history analyses
of the retrofits verified the effectiveness of the proposed method as a useful tool for
the sizing and distribution of supplemental dampers.
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Chapter 22
Allocation and Sizing of Multiple Tuned Mass
Dampers for Seismic Control of Irregular
Structures

Yael Daniel and Oren Lavan

Abstract This chapter presents a methodology for the optimal design of multiple
tuned mass dampers (TMDs) in 3D irregular buildings. The objective function
minimizes the total mass of all added TMDs while constraints are added to limit the
total accelerations experienced at the edges of the floors in the direction parallel to
each edge. The formulation of the design methodology relies on optimality criteria
conjectured herein; hence, a two-stage iterative analysis/redesign procedure, that is
based on analysis tools only, is resulted. The methodology applies to all types of
irregularity, which allows the application of the methodology in a practical design
process.

22.1 Introduction

Seismic protection of structures is an important issue in structural design due to
its threatening consequences. Often, it is required that the design of the structure
provide even more than life safety, promising a certain level of serviceability
following a severe earthquake, while allowing for a defined level of damage, i.e.,
performance-based design. In performance-based design, it is often desired to limit
important responses such as inter-story drifts, total accelerations, residual drifts, and
hysteretic energy.

There is ample literature on the reduction of structural responses to earthquakes
through passive control. Several passive damping devices are available, including
viscous, viscoelastic, metallic, and friction dampers (see, e.g., Soong and Dargush
1997; Christopoulos and Filiatrault 2006; Takewaki 2009). For wind vibration
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control of tall buildings, tuned mass dampers (TMDs) are often effectively used
(e.g., McNamara 1977). Details about TMDs and their applications may be found
in the fine works of Den-Hartog (1940), Warburton (1982), and Soong and Dargush
(1997), only to name a few. As wind response of buildings is kept within the linear
range and is usually dominated by a single mode, TMDs indeed provide a very
efficient solution. Seismic action, on the other hand, may cause yielding of the struc-
ture, which can jeopardize the action of TMDs due to their detuning. In addition, in
seismic vibrations, no single distinct frequency dominates the behavior, but rather
many frequencies, including the ones of higher modes. Those two obstacles have led
many researchers to be hesitant in using TMDs for seismic structural applications
(e.g., Kaynia et al. 1981; Sladek and Klingner 1983). Nonetheless, provided those
obstacles are overcome, TMDs could provide a very promising alternative for multi-
hazard mitigation for both winds and earthquakes.

The two aforementioned obstacles can often be overcome quite easily. In some
cases where TMDs are used, inter-story drifts may already be reduced below yield
drifts, and thus the structure remains elastic. A particular example to that could be
found in cases where the static portion of wind loading dominates the lateral load
design which results in a stiff and strong structure. Here, of course, the reduction of
other structural responses (e.g., total accelerations) to both winds and earthquakes
may also be desired. In addition, even if yielding does occur, causing the effective
structure’s stiffness to shift and thus the TMD to detune, the use of a semi-active
TMD (SATMD) has been proposed (e.g., Nagarajaiah and Sonmez 2007; Roffel
et al. 2010). Another approach that is based on passive control could split the TMD
to several TMDs, each tuned to a slightly different frequency within a bandwidth
close to the natural frequency of the main system, thus reducing the detuning effect
and allowing design robustness (e.g., Xu and Igusa 1992), and in the case of 3D
structures, (Jangid and Datta 1997; Li and Qu 2006). Of course, this approach is
suitable only for cases where yielding is limited.

As for the second obstacle, regarding the multimodal seismic response, several
solutions were proposed. One solution is the use of an active TMD (ATMD)
which uses a control law to alter the frequency of the device at each moment
(e.g., Abdel-Rohman 1984). This solution, however, requires a large external power
supply to be activated, which may be costly and may force a reliability issue
during an actual earthquake. Another possible solution, that is adopted herein, is
the use of multiple TMDs (MTMDs), each tuned to a different frequency. These
MTMDs could be distributed along the structure and located at locations which will
optimize the control of the structure. The idea of using MTMDs tuned to various
natural frequencies of the structure is not new. Clark (1988) indicated that a single
TMD cannot significantly reduce the motion created due to seismic excitations,
while MTMDs can substantially reduce motion. Moon (2010) shows a practical
application of vertically distributed MTMDs in tall buildings for reducing wind-
induced vibrations and offers a method of distributing them by mode shape.

In the literature, there are not many methodologies available for the design
of MTMDs of various frequencies and locations in seismic application. In their
pioneering work, Chen and Wu (2001) use a frequency-based transfer function
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as a response measure of the multimodal vibration problem of structures and
allocate multimodal MTMDs using a sequential search technique. Luo et al. (2009)
minimized a dynamic magnification factor of the first mode obtained based on the
transfer function of the structure’s response in frequency domain. Lin et al. (2010)
proposed a two-stage frequency domain-based optimal design of MTMDs taking
into consideration both the structural response and the TMD stroke. Fu and Johnson
(2011) suggest using passive MTMDs with a vertical distribution of mass, where
each story is assigned with one TMD of which its parameters are optimized as
to minimize the sum of inter-story drifts. As for methodologies for designing 3D
asymmetric structures, several methodologies using genetic algorithms exist (Singh
et al. 2002; Ahlawat and Ramaswamy 2003; Desu et al. 2007). Other optimization
methods for similar problems were taken in (Lin et al. 1999, 2011). Some of these
methodologies only allow for dampers to dampen a single mode. While the above
methodologies present a huge step forward, there is still no methodology which
allows the possible dampening of all modes and leads to a desired performance in
small computational efforts while using analysis tools only.

This chapter presents a simple performance-based design methodology for the
allocation and sizing problem of multimodal MTMDs in structures undergoing
seismic excitations. In many cases where TMDs are considered for wind mitigation,
the static portion of wind loading dominates the lateral load design to result a stiff
and strong structure. Hence, with the addition of TMDs, inter-story drifts may not be
the main response of concern, and the reduction of total accelerations may become
of major importance. Hence, the objective function minimizes the total mass of all
added TMDs, while limiting the total accelerations experienced at the edges of the
floors in the direction parallel to each edge. The methodology is based on a simple
iterative analysis/redesign procedure where, first, an analysis is performed for a
given design and then redesign of the TMDs is performed according to recurrence
relations. The redesign first determines the mass of all dampers at a given location
based on local acceleration measures. It is then distributed between dampers tuned
to various frequencies. The proposed performance-based methodology is simple,
relies on analyses tools only, generally applies to any irregular 3D problem, and
possesses fast convergence.

22.2 Problem Formulation

22.2.1 Equations of Motion

Following Soong and Dargush (1997), the equations of motion of a MDOF system
can be represented in state-space notation as

POx.t/ D A � Ox.t/C B � ag.t/I y.t/ D CC � Ox.t/ (22.1)
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where OxT D 

xT PxT
� I x 2 RN ; Ox 2 R2N is the state variable vector, x.t/

is the displacement vector between the DOFs and the ground, ag.t/ is the ground
motion’s acceleration, a dot represents the derivative with respect to time, and y(t)
is the output vector of the system, whose entries are responses of interest. Those
responses are a linear combination of the state variables and the input forces (in
our case y(t) D x(t) gives an output of displacements, absolute acceleration will be
accounted for later). The matrices A, B, and CC are defined as following

A D
�

0N�N IN�N
�M�1K �M�1C

�

B D
�

0N�1
�e

�

CC D
h

IN�N 0
N�N

i

(22.2)

where M, C, and K are the mass, inherent damping, and stiffness matrices of the
structure according to the chosen N degrees of freedom (DOFs), respectively, e is
the excitation direction vector, I is the identity matrix, and 0 is a zero matrix of
appropriate dimensions as noted. It should be noted that for the sake of presentation,
Eq. (22.1) and the following methodology are presented using a single input
(component of the ground motion).

22.2.2 Performance Measures

As previously mentioned, there are many cases where inter-story drifts and struc-
tural damage levels under a severe ground motion obtain acceptable values. In these
situations, total accelerations are to be limited.

Added TMDs help control the responses of the structure, and the measure of cost
of this controlling system is by the amount of added mass. As more mass is added
to the structure, the retrofit is said to be more expensive and thus less cost-effective.

22.2.3 Problem Formulation

This work makes use of a stochastic description of the ground motion. The problem
is formulated as an optimization problem for which the objective function minimizes
the total amount of added masses in the TMDs under constraints of maximal
performance measures. The design variables are the mass of each TMD, located in
parallel to the edges of all floors. The root-mean-square (RMS) total accelerations at
all peripheral locations of all floors are taken as the performance measures, as they
are the largest accelerations expected within story limits. Those locations are shown
in Fig. 22.1 as (xpyl)n, (xpyr)n, (xpxt)n, and (xpxb)n and are the peripheral coordinates
in the “y,” “y,” “x,” and “x” directions at the left, right, top, and bottom edges of floor
n, respectively. The remaining variables in Fig. 22.1 will be explained subsequently.
That is, the constraints are on the total accelerations at the edges of all floors in the
directions parallel to each edge. The optimization problem is thus formulated as



22 Allocation and Sizing of Multiple Tuned Mass Dampers for Seismic. . . 327

(xpxb)n =(xp)3Nfloors+n

(xl)n (xr)n

(dx)n

(dy)n

(q)n

(y
t) n

(xpxt)n =(xp)2Nfloors+n

(x
py

r)
n 

=
(x

p)
N

flo
or

s+
n

(x
py

l) n
 =

(x
p)

n

(y
b)

n
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where (mTMD)l,f is the mass of the TMD located at peripheral location l tuned
to frequency f, Nlocations is the number of locations to be dampened, aRMS

all is the

allowable RMS total acceleration, and RMS
��

Rxt
p

	

l

	

is the root mean square of

the total acceleration at location l (the lth term of RMS
�

Rxt
p

	

). Such reference to a

component of a vector or a matrix, i.e., (�)l, will be used throughout the chapter.

22.3 Proposed Solution Scheme

22.3.1 Fully Stressed Design

Designs that are based on fully stressed characteristics go back to the classical
design of trusses under static loads, whereby the weight is minimized for a given
allowable stress. For that problem, it had been widely accepted that the optimal
design yields a statically determinate fully stressed design, with members out of
the design having strains smaller than the allowable. This result appeared in the
literature as early as 1900 (Cilley 1900). This has been proven in several occasions,
using various approaches (Cilley 1900; Mitchell 1904; Levy 1985).

Recently, it was shown that some dynamic optimal designs also possess “fully
stressed” characteristics. Lavan and Levy (2005); Levy and Lavan (2006) considered
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Fig. 22.2 Locations of TMDs at the floor n and their associated z DOFs

the minimization of total added viscous damping to frame structures subjected
to ground accelerations while constraining various inter-story responses. Their
optimal solutions attained by formal optimization indicated that “At the optimum,
damping is assigned to stories for which the local performance index has reached the
allowable value. Stories with no assigned damping attain a local performance index
which is lower or equal to the allowable.” That is, the optimal solutions attained
“fully stressed” characteristics.

Based on past experience of the authors in similar problems, it is conjectured
here that the optimal solution to MTMD allocation and sizing in structures under a
stochastic ground acceleration input (solution of Eq. (22.3)) possesses fully stressed
design (FSD) characteristics, i.e., “At the optimum, TMDs are assigned to peripheral
locations for which the RMS total acceleration has reached the allowable value
under the considered input acceleration PSD. In addition, at each location to which
TMDs are added, TMDs of a given frequency are assigned only to frequencies for
which the output spectral density is maximal.”

Potential locations for TMDs are located at the edges of the floors, as their lines
of action are in direction parallel to the edges (Fig. 22.2). Those are actually the
same locations where total accelerations are to be limited.

Stage one of the conjecture imposes that for all peripheral locations with
masses within the design, the total acceleration equals the allowable one, while
all peripheral locations with zero masses (outside the design) have an acceleration
equal to or less than the allowable. This is illustrated on the left-hand side of
Fig. 22.3, which presents the concept on a selected peripheral frame. The second
stage of the conjecture imposes that for all dampers at a peripheral location where
the acceleration equals the allowable one, and are within the design, the output
spectral densities are maximal (with respect to !) and equal. As for masses outside
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Fig. 22.3 Illustrations of conjecture

of the design at this DOF, the output spectral density is less than maximal. This is
illustrated on the right-hand side of Fig. 22.3.

The above conjecture suggests that the tuning frequency of each TMD is searched
for among all possible frequencies. However, for practical reasons, it is reasonable to
assume that these frequencies are in the vicinity of the bare structure’s frequencies,
and thus the tuning of TMDs could be in relation to the bare structure’s natural
frequency.

22.3.2 Analysis/Redesign Algorithm

Solutions to optimization problems, which possess fully stressed characteristics, are
efficiently achieved iteratively using a two-step algorithm in each iteration cycle. In
the first step, an analysis is performed for a given preliminary design, whereas in the
second step, the design is changed using a recurrence relationship that targets fully
stressedness. The recurrence relation can be generally written as

x
.nC1/
l D x

.n/

l �
 

pi
.n/

l

piallowable

!P

(22.4)

where xl is the value of the design variable associated with the location l, pil is
the performance measure of interest for the location l, piallowable is the allowable
value for the performance measure, n is the iteration number, and P is a conver-
gence parameter. Fully stressedness is obtained from using Eq. (22.4) since upon
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convergence, one of the following must take place. Either x.nC1/
l D x

.n/

l giving

pi
.n/

l D piallowable or x.nC1/
l D x

.n/

l D 0 giving pi.n/l � piallowable.
The advantages of the analysis/redesign algorithm include its simplicity, the

need to use analysis tools only, and the fairly small computational effort that lies
in the small number of analyses required for convergence. Such analysis/redesign
procedure will be utilized here to attain fully stressed designs where the mass,
frequency, and locations of MTMDs within framed structures are to be determined.

22.3.3 Proposed Solution Scheme

The proposed design methodology relies on the analysis/redesign procedure which
leads to the FSD criteria presented above:

Step 1: An allowable RMS acceleration is chosen. The mass, damping, and stiffness
matrices of the structure are assembled.

Step 2: Solution of the eigenvalue problem determines the structure’s natural
frequencies and mode shapes.

Step 3: A power spectral density (PSD) for the input acceleration is chosen.
Examples of such input spectra are stationary white noise, which gives a constant
PSD, and the Kanai-Tajimi (1957) PSD. The PSD is fitted to represent real ground
motions. This is done by fitting its parameters to a frequency-based spectrum
representing the decomposition of earthquakes into frequency components (e.g.,
a FFT spectrum). For each DOF, the transfer function of total acceleration of the
bare frame is evaluated using Eq. (22.5). This transfer function represents the ratio
between the sinusoidal output amplitude and the sinusoidal input amplitude with
frequency !. For total accelerations, it can be shown that the appropriate transfer
vector, HRxt .j!/, is

HRxt .j!/ D �M�1 � .j!C C K/ � Hx .j!/ (22.5)

where j D p�1 and Hx .j!/ is the displacement transfer vector given by
(Kwakernaak and Sivan 1991)

Hx .j!/ D CC � .j!I � A/�1 � B (22.6)

This transfer function is transformed to peripheral coordinates using

HRxt
p
.j!/ D T � HRxt .j!/ (22.7)

where HRxt
p
.j!/ is the structure’s transfer function of total accelerations

in peripheral coordinates and T is a transformation matrix from the original DOFs to
peripheral coordinates. The output spectral densities of the peripheral accelerations,
�

RRxt
p
.!/

	

l
, are evaluated using
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where S .!/ is the input PSD,
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.HRxt .j!//l is the lth term of HRxt .j!/, and
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l
is its complex conjugate.

The area under the output spectral density curve equals the mean-square response
(Newland 1993), and, thus, the root mean square (RMS) of total accelerations at

peripheral coordinate l, RMS
�
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l
,taking into consideration the contribution of all
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Step 4: If for any peripheral coordinate, l, the RMS acceleration obtained is
larger than the allowable RMS acceleration, MTMDs are added to suppress the
acceleration produced. Each TMD of mass (mTMD)l,f is assigned with a DOF for its
displacement relative to the ground, (z)l,f . Here, the subscript l stands for its location
while the subscript f stands for its frequency. The location, l, is corresponding to
the peripheral coordinate (xp)l the TMD is attached to. At each location, Nmode

TMDs are added, to suppress Nmode original frequencies of the structure, where
Nmode is the number of modes to potentially be controlled. Thus, generally, a total
of Nmode �Nlocations dampers are potentially added (Fig. 22.2).

The response of each mode could be evaluated based on a single-degree-of-
freedom (SDOF) equivalent system. Hence, properties of the TMDs to dampen a
certain mode could be set based on its SDOF representation. For the sake of sim-
plicity in this chapter, Den-Hartog’s (1940) properties were chosen. Nonetheless,
more advanced criteria could easily be used with the proposed methodology. These
Den-Hartog properties were derived for the optimal reduction of mass displacement
of an SDOF system under external sinusoidal loading. They were later shown to
also reduce the maximum total acceleration response of the mass of an SDOF
system undergoing a harmonic base excitation (Warburton 1982). In the case of
optimal Den-Hartog properties, the following initial properties are taken for the
dampers:

1. The initial mass of all TMDs located at each peripheral coordinate is taken as
certain predetermined percentage of the structure’s mass (say 1%) and divided
equally between the TMDs

.mTMD /l;f D
�
0:01 �Mstructure

Nmode

�

(22.10)

where l represents the damper’s location, f represents the mode dampened, and
Mstructure is the structure’s total mass. The mass ratio .�TMD /f of all TMDs tuned
to frequency f is calculated as the ratio between the effective TMD mass of all
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TMDs tuned to frequency f and the f th modal mass of the structure. This mass
ratio is defined as

.�TMD /f D
�

'T
f � TT �D 


.mTMD /f
� � T � 'f

	

�

'T
f � Moriginal � 'f

	 (22.11)

where 'f is the f th mode shape of the bare structure,


Moriginal
�

is the bare
frame’s mass matrix, and D




.mTMD/f
�

is a diagonal matrix with the terms
.mTMD /1WNlocations;f

sitting on the diagonal.
2. Each TMD’s stiffness is determined according to the frequency of the mode

which is dampened by the TMD and is tuned to

.!TMD /f D .!n /f
�

1C .�TMD /f

	 (22.12)

where .!n /f is the frequency f to be dampened. The compatible stiffness is

.kTMD /l;f D .mTMD /l;f � 
.!TMD /f
�2

(22.13)

3. Each TMD’s modal damping ratio is determined according to

.
TMD /f D
v
u
u
u
t

3 � .�TMD /f
�

8 �
�

1C .�TMD /f

	3
� (22.14)

and the matching damping coefficient

.cTMD /l;f D 2 � .mTMD /l;f � .
TMD /f � .!n/f (22.15)

Step 5: The mass, damping, and stiffness matrices of the damped frame are
formulated. Note the mass of TMDs is to be added to the mass of the structure
perpendicular to their original DOF (i.e., if a certain damper is used to reduce
vibration in the “y” direction and thus its DOF is in the “y” direction, the mass
of that TMD is added to the mass of the structure in the “x” direction of the story
where it is situated).

Step 6: The peripheral RMS accelerations of the damped frame at all coordinates
are evaluated using frequency domain analysis based on Eqs. (22.5), (22.6), (22.7),
(22.8), and (22.9), using the newly updated matrices (note that in Eq. (22.9), it is
needed to take only the first N components of the extended vector HRQxt .j!/ as now
DOFs of TMDs are included in this vector).
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Step 7: The TMD’s mass is redetermined using two stages; the total mass of all
dampers located at a given location is determined, followed by the distribution of
that mass between all TMDs at that location, having various tuning frequencies.
This is done according to the recurrence relationships described below. Following
the change in mass, the stiffness and modal damping ratios of each TMD are also
updated while keeping the Den-Hartog principles intact, using Eqs. (22.11), (22.12),
(22.13), (22.14), and (22.15). The two-stage analysis/redesign procedure is carried
out iteratively in the following way

Stage 1:

�

m.nC1/
TMD,total

	

l
D

all
frequencies
X

fD1

�

m.nC1/
TMD

	

l;f
D

all
frequencies
X

fD1

�

m.n/
TMD

	

l;f
�
0

@

RMS
��

Rxt
p
.n/
	

l

	

aRMS
all

1

A

P

(22.16)

where (�)(n) is the value at iteration n,
�

m.nC1/
TMD,total

	

l
is the total mass of all dampers

at location l, and P is a constant which influences the convergence and convergence
rate. A large P will result in a faster but less stable convergence of the above
equation.

Stage 2:
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where
�

R.n/

Rxt
p




.!n/f
�	

l
is the component of R.n/

Rxt
p
.!/ at the location l evaluated at

! D .!n/f .

Step 8: Repeat steps 5–7 until convergence of the mass is reached.
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22.4 Example

The following 8-story setback RC frame structure (Fig. 22.4) introduced by Tso and
Yao (1994) is retrofitted using MTMDs for ground motions exciting the structure in
the “y” direction. A uniform distributed mass of 0.75 ton/m2 is taken. The column
dimensions are 0.5 m by 0.5 m for frames 1 and 2 and 0.7 m by 0.7 m for frames 3
and 4. The beams are 0.4 m wide and 0.6 m tall. Five percent Rayleigh damping for
the first and second modes is used. A 45% reduction of the RMS total acceleration
in the bare structure is desired. Hence, an allowable peripheral RMS acceleration of
55% of the maximal peripheral RMS acceleration of the bare structure is adopted.
The response is analyzed under a Kanai-Tajimi PSD with parameters fitted to the
average FFT values of the SE 10 in 50 ground motion ensemble (Somerville et al.
1997). The design variables are the locations and properties of the individual tuned
mass dampers. The dampers are to potentially be located in the peripheral frames,
where they are most effective, and as the excitation is in the “y” direction only,
dampers will be assigned only to the peripheral frames 1 (lower 4 floors), 3 (upper
4 floors), and 4 to dampen frequencies of modes which involve “y” and “™.” The
steps described above are closely followed to optimally design the MTMDs.
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Step 1: The mass, inherent damping, and stiffness matrices of the frame were
constructed.

Step 2: The natural frequencies of the structure were determined. The first few
frequencies are (rad/s): 6.88 (x), 7.36 (y,™), 10.37 (y,™), 16.04 (x), 17.88 (y,™), 22.61
(y,™), 33.87 (x), 35.96 (y ™), and 43.48 (y,™) where x,y and ™ relate to the mode
direction.

Step 3: The RMS accelerations of the undamped building at the peripheral frames
in the y direction are presented in Fig. 22.5. Those were obtained using the
Kanai-Tajimi PSD with parameters !g D 13 rad/s, �g D 0.98, and S0 D 1. Those
were determined by fitting the parameters !g and �g to a spectrum of mean FFT
values of the SE 10 in 50 ground motion ensemble scaled to S0 D 1.0. The actual
value of S0 has no effect since the allowable RMS acceleration is determined
by the percentage of reduction desired. The allowable RMS acceleration for all
peripheral accelerations was earlier adopted as 55% of the maximum peripheral
RMS acceleration of the bare frame, giving aRMS

all D 16:61.

Step 4: 160 TMDs were added, as a first guess. Those are comprised of ten dampers
each tuned to a different mode frequency (of modes related to “y” and “™”) at each
of the 16 peripheral locations of frames 1, upper four floors of frame 3, and frame 4.
The initial properties were a mass of 1.782 ton for each TMD; a frequency of (rad/s)
7.18, 10.20, 17.57, 22.15, 35.42, 42.48, 53.36, 65.92, 70.90, and 92.57 (TMDs tuned
to dampen modes 2, 3, 5, 6, 8, 9, 11, 12, 13, and 15, respectively); and a damping
ratio of 0.0931, 0.0778, 0.0802, 0.0860, 0.0739, 0.0909, 0.0811, 0.0851, 0.0728,
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and 0.0889. These are based on the Den-Hartog properties of Eqs. (22.11), (22.12),
(22.13), (22.14), and (22.15).

Step 5: The mass, stiffness, and damping matrices were updated.

Step 6: With the newly updated matrices and the same PSD input, new peripheral
RMS accelerations were evaluated using Eqs. (22.5), (22.6), (22.7), (22.8), and
(22.9). Peripheral accelerations smaller than the allowable were attained for all
floors of frames 5 and 8 in the x direction (see Fig. 22.4 for frame numbering).

Step 7: The problem has not converged, and thus the TMDs’ properties were
altered, using the recurrence relations of Eqs. (22.16) and (22.17), while using P D 5
as the convergence parameter.

Step 8: Iterative analysis/redesign as described in Eqs. (22.16) and (22.17) while
altering the mass of the damper is carried out until convergence to allowable levels.
Upon convergence, TMDs with nonzero properties were located at frame number
1 (at floor 4), a sum of 10.69 ton added mass; at frame number 3 (at floor 8), a
sum of 161.74 ton added mass, and at frame number 4 (at floor 8), a sum of 0.08
ton added mass which is the top floor for each part of the setback frame. At floor
number 4, the TMDs are set to dampen mode 3 (m D 10.69 ton, k D 1079.5 kN/m,
�D 0.1045), while at floor number 8, the TMDs are set to dampen modes 2 at frame
3 (m D 161.74 ton, k D 5859.35 kN/m, �D 0.2137) and at frame 4 (m D 0.08 ton,
k D 2.98 kN/m, � D 0.2137). All three assigned TMDs add up to 9.68% of the
original structure’s mass. For all practical reasons, the small TMD at frame number
4 (at floor 8) can be neglected.

Finally, an analysis of the retrofitted structure yields the peripheral RMS
accelerations shown in Fig. 22.6. As can be seen, only locations that had reached the
maximum allowable RMS total acceleration (Fig. 22.6) were assigned with added
absorbers, making the solution obtained a FSD.

22.5 Conclusions

An analysis/redesign performance-based methodology for optimally allocating and
sizing MTMDs in 3D irregular structures was presented. The proposed methodology
considers the possible dampening of all modes of the structure, at all peripheral
frames, thus eliminating the decision of what modes to dampen and where the
TMDs should be allocated. The methodology is general and automatically takes
into consideration the structural irregularities; thus, no special attention has to be
given to these complexities. As shown, using MTMDs tuned to various frequencies
can efficiently reduce total accelerations within the structure and bring them to
a desired level, allowing for performance-based design. The advantages of this
methodology are its simplicity of use and relying solely on analysis tools to solve
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the allocation and sizing problem, with no assumptions or preselection of any design
variable. These advantages make the proposed methodology attractive and efficient
for practical use.
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Chapter 23
The Possibility of a Continuous Monitoring
of the Horizontal Buildings’ Rotation
by the Fibre-Optic Rotational Seismograph
AFORS Type

Leszek R. Jaroszewicz, Zbigniew Krajewski, and Krzysztof P. Teisseyre

Abstract The design and investigation of the Autonomous Fibre-Optic Rotational
Seismograph – AFORS as a system used for a continuous monitoring of the
horizontal buildings rotation is presented in this chapter. Since AFORS utilizes the
Sagnac effect for a direct measurement of rotational components it operates without
any reference system designed to work during earthquakes. The presented system
contains a special autonomous signal processing unit (ASPU) which optimizes
operating of the rotation motions measurement, whereas a newly applied telemetric
system based on the Internet (FORS-Telemetric Server) allows for a remote AFORS
control. The laboratory investigation of the system named AFORS-2 indicated that
with theoretical linear changes of sensitivity it keeps the accuracy no less than
4:8�10�9 to 6:1�10�8 rad/s in the frequency band from 0.83 to 106.15 Hz. In our
opinion the above results are very optimistic for the future application of AFORS
for the continuous monitoring of any rotational moving of the multi-storey buildings
as well as the investigation of an in-plane irregularity. The first experimental results
of the AFORS-2 operation in a real multi-storey building in Warsaw, Poland are also
presented. On this basis the investigation of a new low cost system type AFORS is
presented as the chapter conclusion.
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Warsaw, Poland
e-mail: kt@igf.edu.pl

O. Lavan and M. De Stefano (eds.), Seismic Behaviour and Design
of Irregular and Complex Civil Structures, Geotechnical, Geological
and Earthquake Engineering 24, DOI 10.1007/978-94-007-5377-8__23,
© Springer ScienceCBusiness Media Dordrecht 2013

339



340 L.R. Jaroszewicz et al.

23.1 Introduction

One of the most important problems of the seismic behaviour of irregular structures
of buildings in-plane is the existence of difficulties with designing horizontal
rotation of these structures. The existence of such rotations has a direct influence
on torsional effects in structures as well as interstory drift. Since the application
of new materials and technologies for building construction generates higher and
more complicated engineering constructions, their safety needs a real rotations’
monitoring as important measures in structural responses (Schreiber et al. 2009).

However, there is a limited number of sensors which can deliver direct data about
rotational motion for such an analysis. The measurements of torsional response and
interstory drift are reasonably easy on small scale models in a laboratory (Kao
1998), but are much more difficult in real structures. The first of them can be
measured by using a pair of accelerometers and then dividing the differences in
horizontal accelerations by the distance between them in a direction perpendicular
to the measured motion. Then this has to be integrated twice with respect to
time needed to give the torsional rotations (Schreiber et al. 2009). However, the
inherent sensor drift and the small offset from zero in the absence of input signals
are the important limitations of this technique. Similarly, for measuring interstory
drifts, it is, in principle, possible to arrange a frame from the floor below to near
the ceiling above to set up displacement transducers to measure the difference in
displacements (McGinnis 2004). However, again far from the hardware complexity
of this approach, it is also vulnerable to building deformations.

For the above reason the one of the most promised techniques seems to be sensors
based on the Sagnac effect (Sagnac 1913). Its greatest strength is the fact that it does
measure absolute rotations or oscillations, so that it does not require an external
reference frame for its measurement. This means that it measures true rotations
even during an earthquake where nothing remains static. The system design gives
possibility for a proper choice of their accuracy as very wide mechanical oscillation
frequencies by proper construction of its optical and electronic parts. Since it is an
entirely optical device, it does not have the problems that characterize inertial mass
transducers.

In this technique there is the wide scope of such sensors named FOG – fibre
optic gyroscope, and some of them, commercially available have been already used
(Schreiber et al. 2009; Franco-Anaya et al. 2008). However, their constructions
are optimized for detection of angular changes rather than rotation speed. For the
above reason in this chapter we conclude research and development according to
the Autonomous Fibre-Optic Rotational Seismograph – AFORS, here AFORS-2,
with optical parts based on the fibre-optic gyro construction whereas the special
autonomous signal processing unit – ASPU optimizes its operation of the mea-
surement of the rotation speed instead of the angular changes. The application
of the new design telemetric system is based on Internet (FORS – Telemetric
Server) and allows for the remote control system as it is shown in the presented
examples of the system work. The presented results show that AFORS-2 with
linear changes of the sensitivity protecting accuracy no less than 4.81�10�9 to
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6.11�10�8 rad/s in the frequency band from 0.83 to 106.15 Hz, is designed for a
direct measurement of the rotational components of any structure in the plane of a
sensor loop which may be horizontal plane of irregular structures of buildings. On
this basis the first experimental results obtained in a real building structure as well
as the theoretical investigation according to the new low cost system type AFORS
for such investigation are presented.

23.2 AFORS General Specifications

Since a detailed description regarding the AFORS construction, calibration and
laboratory investigation was presented before (Jaroszewicz et al. 2011), here we
summarize only the above data with regard to the AFORS-2 example. The optical
head of all constructed AFORS devices uses a fibre interferometer in a minimum
optical gyro configuration (Jaroszewicz et al. 2006), as it is shown in the upper part
of Fig. 23.1.

The application of the broadband low coherence superluminescent diode (SLD)
gives possibility for a minimisation of polarization influence on the system operation
by achieving light depolarization in a sensor loop (Krajewski et al. 2005). The use
of the same arm of a coupler as an input/output way from a sensor loop gives

Fig. 23.1 General schema of the AFORS: upper – the optical head (generation of the Sagnac
phase shift proportional to measured rotation rate �), bottom – Autonomous Signal Processing
Unit (rotation calculation and recording)
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Fig. 23.2 AFORS resolution versus total optical length L and loop radius in 1 Hz detection band.
Parameters for simulation: wavelength �D 1,285 nm, fibre attenuation ˛D 0.45 dB/km, optical
path loss � D 14.5 dB, optical power P D 20 mW

reciprocity condition for interfering beams, but an additional coupler is needed to
separate a returned beam on detector, and a fibre optic isolator for SLD protection.
Next, the set of cascade fibre polarizers enables a true single mode operation of
the whole system and guarantees that the only nonreciprocal effect in system is the
Sagnac effect. The last one generates the phase shift equal to (Post 1967):

�� D 4�RL

�c
� D 1

So
; (23.1)

where R is the radius of sensor loop, L is the length of the optical fibre used in the
sensor loop, � is the wavelength of the light source, c is the light speed in vacuum,
˝ is the rotation speed measured in the direction perpendicular to the sensor loop
plane.

Since we are interested in detecting the extremely small rotation, the method
of reducing the so-called optical constant S0 should be used to obtain a high
sensitivity of the system. A theoretical investigation of the system sensitivity in
the quantum noise limitation (OstrzyPzek 1989) shows that maximum sensitivity
requires maximization of such parameters as: radius R of the loop, optical power
P of the used source, length L of the used fibre: it also depends on wavelength � and
total losses of optical path � . It should be noticed that the sensor loop length has the
main influence on sensitivity. However, because with a growing fibre length and a
decreasing radius of a loop, the losses increase too, the optimum length is evaluated
at about 12–15 km for standard single-mode optical fibre at 1,285 nm as shown in
Fig. 23.2 (Jaroszewicz and Wiszniowski 2008).
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For the above reason optimized for high sensitivity AFORS-2 uses the 0.63 m
diameter sensor loop made from special composite material with permalloy particles
for shielding from magnetic field. A long length (15056 m, ˛D 0.450 dB/km) of
SMF-28 fibre has been winded in double-quadrupole mode (Dai et al. 2002) with
0.2 mm Teflon insulation between each fibre layers is for the thermal stabilization
of the sensor’s work. The system optimization made for AFORS-2 (among others,
SLD with the high optical power P D 20.8 mW) allows for theoretical sensitivity
equal to 2.47�10�9 rad/s/Hz1/2, for measured total optical loss ¢D 14.47 dB.

Since the Sagnac phase-shift obtained directly in the interferometric system
contains an unseparated noise component, the special signal processing is used. We
have used the system based on the synchronous detection unit (Krajewski 2005).
For AFORS-2 we used a new prototype of Autonomous Signal Processing Unit
(ASPU), according to the scheme shown in the lower part of Fig. 23.1. The ASPU
enables a detection of a rotation rate ˝ from proper selection and processing the
first (A1¨) and the second (A2¨) amplitude of the harmonic output signal, on basis
of the following relation (Jaroszewicz et al. 2011):

� D So arctan

�

Se � A1!.t/
A2!.t/

�

(23.2)

where Se is electronic constants, related to parameters of used components, which
are obtained during a sensor calibration based on the measurement of the Earth
rotation for Warsaw, Poland i.e. �E D 4.45�10�5 rad/s (Jaroszewicz et al. 2011a;
Krajewski et al. 2005). During the calibration the obtained constants for AFORS-2
were 0.059 s�1 and 0.013 for S0 and Se, respectively.

The measurement accuracy (Habel et al. 2009) for AFORS-2 checked in MUT
laboratory located in Warsaw, Poland gives limited information about the system
accuracy because of urban noises. Figure 23.3 summarizes these measurements.
Because the ASPU allows for step changes of the detection frequency band in the
range from 0.83 to 106.15 Hz, the obtained accuracy is at the level of 4.81�10�9

to 6.11�10�8 rad/s, respectively for lower and higher working frequency band.
As one can see the obtained values are well correlated with �min in quantum
noise limitation. It should be noticed that the linear dependence of AFORS-2
sensitivity and the accuracy on the detected frequency band is the advantage of this
system.

A new FORS-Telemetric Server with its main page shown in Fig. 23.4a (please
use http://fors.m2s.pl with AFORSbook as login&password – for the open access to
the system) is used for data storing and for monitoring the work of the AFORS-2.
Because ASPU of the AFORS-2 contains GSM/GPS module and independent
power supply for all electronic components of the system, hence it is as well as
other AFORS systems, fully autonomous and mobile. In this moment, the 3 devices
are managed via server: FORS-II, AFORS-1, AFORS-2 located in Ojców, KsiąPz
and Warsaw, respectively (Jaroszewicz et al. 2012) as it is shown in Fig. 23.4b.

http://fors.m2s.pl
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Fig. 23.3 The accuracy measured in Warsaw, Poland for the chosen detection bandpass for
AFORS-2

Fig. 23.4 The main page of FORS – Telemetric Server (a) and GOOGLE map with the devices
localization (b)

23.3 Case Studies

The applied technology gives possibility for the remote (via Internet) controlling and
changing of all electronic parameters of the ASPU for given AFORS, as presents the
bookmark Config for the AFORS-2 in Fig. 23.5a. This remote control may comprise
a software upgrade. Moreover, the bookmark Data&Variables (Fig. 23.5b) monitors
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Fig. 23.5 The view of two main bookmarks: Config (a) and Data&Variables (b) for AFORS-2
at the FORS – Telemetric Server
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in real time the main data and variables with possibility for the remote changing of
a threshold – the level of signals which initialize an automatic data storing and its
GSM transfer. Additionally, the top right corner of bookmarks for the given system
on server contains the information on a current date and time and the four main
AFORS’s parts of state of work (good – as green, partially good as yellow or no
work – as black). The bookmark GSM/GPS monitors in real time the GSM param-
eters as well as the GPS parameters which include the AFORS’s global localization
(see Fig. 23.4b). Yet another bookmark named Measurement presents the collection
of data recorded by different devices connected to the server. In the above way, in
our opinion, the AFORS-2 with its management via FORS – Telemetric Server is
fully adopted for monitoring of the rotational phenomena in real buildings.

23.4 First Experimental Results for Buildings Movements
Monitoring via AFORS-2

As the initial experiment we use AFORS-2 for recording the building moving in
its normal conditions of exploitation under an urban ground motion generated by
tram moves in a 50 m distance from a building wall parallel to it. The investigated

Fig. 23.6 The general view of the building used for monitoring of its rotation moving via
AFORS-2. Left picture shows AFORS-2 mounted in 2nd and 1st building layers
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building is a light construction (aluminium structure with sandwiches walls and
ceilings) – see right picture in Fig. 23.6, where during the normal exploitation of
a tram moves the building moves have been observed. The AFORS-2 has been
installed, subsequently on the fifth, second and first floor in a hall, in the same
vertical position (with accuracy of about 10 cm) as shown on the left pictures in
Fig. 23.6. Since it is an old building with asbestos used as an inner wall isolation,
now it is not utilize by the academy, so we expected that the recorder signals
will be connected to an external perturbation, only. We expected the maximum
signals for the lowest floor AFORS-2 installation, because light building steel
frame construction should eliminate rotational vibration on the higher floors. For
the last, fifth floor only perturbation signal has been recorded, which probably
was connected to the extremely high temperature during this experiment (about
55–65 C). Figure 23.7 presents the building moves recorded on the second and
first floors (difference about 3 m of height) for relatively the same ground motion
generated by tram moves. Since these signals were recorded nearly at midnight on
July 13th (AFORS-2 on the first floor) and July 14th (AFORS-2 on the second floor)
i.e. in the night during summer holidays, the academy area was empty which had a
direct influence on recorded signals and they were very clear.

As one can see in the above experiment the accuracy for AFORS-2 was 7.91�10�6

and 3.15�10�6 rad/s (see ADEV parameter in the left down corner of the two pictures
in Fig. 23.7), for the chosen detection frequency band equal to 21.23 Hz. The
amplitude of the detected rotation rate was about twice higher for the first floor,
and was much higher than the system accuracy (more than ten orders).

Figure 23.8 presents a comparison of two floor extreme amplitudes of the
normalized torsional rotations defined as torsional moves per meter with respect
to the ground position. These data have been obtained for the correlated extreme
vibrations presented in Fig. 23.7. As one can see, the rotational vibration muffling
properties of the examined building are clearly observed.

The urban noise influence on the recorded signals can be observed on the data
presented in Fig. 23.9, which have been obtained in the morning when the Academy
opened for work. As one can see, the higher amplitude as well as frequency were
observed in this time. Again, the much higher amplitude of torsional moves of the
building is observed on the first floor of the building.

23.5 Conclusions and Final Remarks

According to the panel chaired by J. R. Evans during the First International
Workshop on Rotational Seismology (Evans et al. 2007) with the summary rec-
ommendation reproduced by R. Cowsik (Cowsik et al. 2009), the engineering
of a strong-motion seismology needs devices operating with a frequency range
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Fig. 23.7 The data recorded on second (top) and first (down) floor as response for ground moves
after tram pass through street in distance about 50 m from and parallel to long building wall
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Fig. 23.8 The rotation vibration muffling properties of the examined building

0.05–100 Hz with resolution 10�6 to 10�1 rad/s/Hz1/2. In the optical fibre tech-
nology the AFORS type device could be constructed with the total side equal
to a flight hand luggage (55 � 40 � 20 cm size and up to 8 kg of weight). Such
approach needs the sensor loop with diameter about 0.2 m as well as about 1000 m
standard single mode fibre to achieve sensitivity in the level of 0.5�10�7 rad/s/Hz1/2.
By using commercially available components, the final cost of such device may
be below 5K Euro. We think that such system will be interesting mainly for its
functionality with regard to the data management as well as for the remote control
system.

The first results presented in this chapter show that the proposed approach can be
useful for continuous monitoring of an engineering structure having some in-plane
irregularity, for example multi-storey buildings with regard to the investigation of
their torsional rotations as well as measuring interstory drifts. These measurements
are made without any reference frame which is very important during earthquakes
and may be made only by system based on the Sagnac effect. In comparison to the
commercially available FOG instruments such as �FORS-1 (Northrop-Gruman-
LITEF GmbH), the proposed system is designed for a direct measurement of a
rotational rate, whereas any FOG measures change the angle which is written
in their inner electronic system and difficult to direct changes. Additionally, our
system prepared according to the AFORS technology has developed the soft-
ware designed for the Internet system monitoring as well as the remote control
which can manage a large number of such devices in a useful way for the
operator.
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Fig. 23.9 The data recorded on the second (top) and the first (down) floor as a response for ground
moves generated by morning intensity on the street in a distance about 50 m from and parallel to
the long building wall
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Chapter 24
Seismic Monitoring of Linear and Rotational
Oscillations of the Multistory Buildings
in Moscow

Nataly Kapustian, Galina Antonovskaya, Vadim Agafonov,
Kostantin Neumoin, and Maksim Safonov

Abstract The specially designed seismic monitoring system is deployed on high-
rise buildings in Moscow. The system is capable of recording of the natural
oscillations of the structures, with special attention to the angular motions, data
processing to recover the natural motions from the micro seismic background
noise and comparison of observed and theoretically predicted motion modes. Based
on the comparison results the more accurate theoretical models and its software
realizations for the building behavior can be developed. Both linear and rotational
oscillations related to eigenmodes excited primarily by wind flow and oscillations
of the building structure have been observed. The long-term permanent monitoring
of the 44-store building in Moscow allowed to observe the creep of the concrete
properties (the eigenmode frequencies changed by 20%) and seasonal variation
(about 2% changes over a year).
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24.1 Introduction

The study of the eigenmodes of high-rise buildings has two main aspects: practical
and scientific. The practical aspect consists of the possibility to estimate the
condition of the building as a whole or to monitor the load-bearing constructions.
The monitoring of the eigenmodes is technologically and cost-effective solution to
control the changes of the principal load-bearing construction in real time. Indeed,
the eigenmodes excited by wind or microseisms exist permanently, and using of
high sensitive seismometers and modern digital data acquisition systems makes
it possible to define the oscillations frequencies with practically any prescribed
accuracy. On the other hand, the changes in load-bearing constructions properties
or in “fixing” of the building on the ground manifest themselves in the changes
of natural frequencies. Thus, we have a very sensitive instrument of monitoring.
Moreover, only few observation points with the sensors installed are required, and
in some cases it is possible to install the sensors on the ground in the vicinity of the
building under study.

The scientific aspect consists of the fact that using the monitoring of the
eigenmodes of a building it is possible to observe the processes in constructions
in real scale – not on the models or construction fragments. As it’s shown below,
one succeeds in detecting the concrete creep effects, temperature changes, and
to prove the correctness of theoretical conceptions on the constructions operation
by means of comparison of the parameters obtained by calculating models and
real measurements. Another important scientific aspect concerns the fact that the
high-rise buildings are parts of artificial relief and are able to contribute some
variations into the complex atmosphere-lithosphere interaction system. From some
manifestations of this it is possible to obtain a practical result – using of the
eigenmodes of high-rise buildings as instruments of the planet study; we’ll illustrate
that fact below using experimental examples.

24.2 The Instruments and Methods of Observations

In Russia the study of high-rise buildings oscillations induced by the effects of the
wind pulsations began in 1950s by works of I.L. Korchinsky on several objects in
Moscow (Korchinsky 1953), particularly on the main building of the Moscow State
University (Fig. 24.1). The central 33-storey part of the building is detached from
it’s ells by movement joints and has steel load-bearing constructions, while the base
of the building is the frozen ground. The feature of the building maintenance is that it
has not been reconstructed for more than 50 years and the area in radius of 1 km has
not been built on, that is the ground conditions have not being changed. From this
point of view the building of the Moscow State University is unique and gives the
possibility of the most pure observation of the effects of aging of the constructions.
We reproduced the observations of I.L. Korchinsky 50 years later, exactly in the
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Fig. 24.1 Seismic diagnostic results for main building of Moscow State University: facade and
plan (to the left) and peak reproducibility in spectra at observation points (to the right)

same points of the building; differences were only in the types of used seismometers
and the way of data acquisition. The sensor created by Korchinsky did not allow to
detect signals below 0.2 Hz, and the oscillographic detection technique defined the
0.05 Hz oscillation frequency measurement precision. Nowadays we have no such
restrictions.

The registration of the building eigenmodes can be performed with both seis-
mometers and deformometer, and seismometers are preferable at frequencies above
0.1 Hz. In seismometrical registration velocimeters or accelerometers are used,
giving correspondingly velocity or acceleration of a point of the building. It is
significant that the microseismic signals are being observed in a wide frequency
range, and the following processing enhances the informative signals from this
range. For that reason it is preferable to use velocimeters at lower storey of the high-
rise building – here the long period motions is strong and observation technique is
simpler.

Taking into account the fact that the eigenmodes of the high-rise buildings
have distinct rotational component, it is rational to carry out the observations
using both linear and rotational sensors. Surely, the rotational component declare
itself in records of the linear sensors signals too, but to extract the rotational
component in this case one should realize the special sensors disposal and its’
exact synchronization that sometimes is not quite possible inside the building. In
our experiments the 3-component (X, Y, Z ) linear sensors were used: velocimeters
models SM-3 (Russian standard sensor) and CMG-3TD, accelerometers model
CMG-5T (Guralp ®Co.).

The direct registration of the rotational modes were carried out with the special
sensors, installed side by side to the linear sensors and providing direct angular
velocity data in XY, XZ and YZ planes. The rotational sensor model METR-03
produced by R-sensors, LLC® were used in the measurements. The features of
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this sensor is that it uses liquid inertial mass and the high-sensitive molecular-
electronic transducer, that convert the flow of the electrolyte solutions inside the
sensor induced by small external angular motions due to seismic signals into electric
voltage output in the frequency range from 0.03 Hz up to 100 Hz with the flat
to angular velocity output. These sensors demonstrate very good prospects in a
wide range of applications like seismic monitoring of high-rise buildings, bridges
and other industrial constructions, vibration control of industrial and scientific
equipment, oil and gas exploration geophysics, security systems based on seismic
area control, etc. By now the practice has brought out clearly that such type of
sensors is quite capable of recording at least (M�4) local earthquakes (Lee et al.
2009), and the rotational sensors are becoming more and more widely spread in
seismological investigations.

24.3 Data Processing

Taking into account that the values of the eigenmode frequencies are unknown
a priori, the oscillations in each point were recorded in the broad band – from
DC up to 30 Hz. Than, the standard procedures of the spectrum analysis with
the power spectral density calculation (including fitting of the analysis window,
smoothing and averaging) and following selection of the stably occurring in signal
narrow-band spectrum peaks were applied. These peaks were considered as possible
manifestation of the eigenmodes. Than, the induced oscillations and interferences
were thrown off taking into account the following criteria (Kapustyan and Rogozhin
2007). The eigenmodes must meet the stated below requirement:

– presence in practically all points of the building (except the standing-wave
nodes),

– amplitude domination at horizontal components; in case of elongate in plan
building the frequencies of oscillation differ along different axes of the plan,

– the amplitude of the horizontal component of the first mode grows on the height
of the observation point,

– as a rule, the value of the eigenmode frequency is not a multiple of 50 Hz,
otherwise that is the vibration of the electrical engine,

– at simultaneous observation in two points of a building, the oscillations are to be
coherent,

– at simultaneous observation of seismic oscillations and atmosphere pressure
pulsation, the eigenmode amplitude spikes and the wind pulsations are to be
correlated.

In case the sensors of the observation system were deployed in a large number
of points, it is possible to use the algorithm of extraction of standing waves which
the eigenmodes consist of, that is based on the estimation of the coherentness of the
signal records in the points (Emanov et al. 1998).
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Fig. 24.2 The time changes of eigenmode frequencies of a high-rise building: floor plan and time
evolution with trend are shown (upper part) and results of low-pass filtration (lower part)

24.3.1 The Main Types and Schemes of the Observations

24.3.1.1 The Space-Time Registration Systems. Monitoring
of the Building Condition

Let’s begin from the longest time period (50 years) for the Moscow State University
main building (Fig. 24.1). The combination of the observation points at the building
was passed one after another, and for each point the peaks of the spectrum were
marked out. The diagram on the Fig. 24.1 shows the presence of the peaks (peaks
repeatability) in the combination of the observation points for each frequency. From
the diagram and presence of oscillations at certain points of the observation one can
conclude that up to about 3 Hz peaks are characterizing the oscillations of the central
part of the building cut by movement joints, range from 3 to 7 Hz corresponds
to movement of the high-rise part of the building, and at upper frequencies – the
oscillations of the spire and towers.

Let’s take another example – monitoring of the 44-storey apartment building
“Edelweiss” in Moscow that was being carried out from very finishing of the
constriction for about 8 years. The building is compact-size in plan (Fig. 24.2),
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monolithic reinforced-concrete based on the complicated slab foundation construc-
tion. At the time of building construction finishing the frequencies f1, f2 of the 1st
eigenmode were 0.73 and 0.54 Hz for different building axes. Than, the eigenmodes
measuring were carried out with the 10 days time interval (chosen for weekly city
activity dependence elimination (Kapustian 2000)).

In Fig. 24.2 the time changes of the eigenmodes are shown. The trend is distinctly
seen, that is “fast” during first 3 years and “slow” during next 3 years. The last year
shows the tendency to speeding-up of the changes. The trend was extracted from
the curves of the eigenfrequency time changes and low-pass filtration was made
(Fig. 24.2). At the curves for f1, f2 frequencies the annual rhythm is clearly seen.
The presence of the annual variations is connected with the climatic-temperature
influence at the reinforced-concrete building. The features of the time changes can
be explained by the fact, that for the first 3 years only individual apartments were
being heated, and that building was heated wholly, and the temperature inside the
building was above 22ıC in winter and decreases in summer. This has produced
the time curves minimums in summer (the building is extended) for the first time
interval, and later this refers to winter. Besides, during the first years the intensive
apartment arrangement occurs increasing the loading of the building constructions,
that gave rise the lowering of the eigenfrequencies and, partially, in difference
in time curves for different eigenfrequencies. Another reason of the long-period
eigenmode trend is the effect of the reinforced-concrete creep that earlier was
observed at samples, but now for the first time at real object.

It is significant, that the eigenfrequency drops about 20% relative to the initial
value (or, about 2% per year), and the annual variations are about 1%. Those are
“natural” changes, and they are to be tacking into account when carrying out the
monitoring of the building condition.

The interaction between different structures via ground is a well-known
phenomenon for seismic interactions (Wong and Trifunac 1975). In a city
environment the high-rise building are often situated at river banks and in
neighborhood of bridges. Taking into account the close values of eigenfrequencies
for such dissimilar constructions along with the simultaneous influence of the wind
pulsations and big oscillations amplitudes of the bridges, we carried out some
seismometrical observations on location.

The first example is the interaction of the 30-storey building “Tower-2000”
and “Bagration” bridge in Moscow-City complex. The constructions are closely
adjacent but constructively untied. Their eigenmodes are different, for the 1-st mode
the most intensive oscillations are detected at 0.58 and 0.98 Hz for Tower and
bridge, correspondingly. Nevertheless, the Tower has the rather strong oscillations
at 0.98 Hz, and on the top floor the acceleration at this frequency exceeds the
acceleration at eigenfrequency.

Another example refers to the construction interactions evaluation on the pro-
jecting stage of the high-rise building to be located in the vicinity of a bridge.
The seismic observations made for the profile from the bridge to the site of the
future building allowed to define signals going into the ground at eigenmode bridge
oscillations and to select the most intensive modes and coincidence with the calcu-
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Fig. 24.3 The study of high-rise building oscillations: (a) calculations for linear (left) and
rotational (right) vibrations, (b) power spectra for both types of sensors. Photo shows the
accelerometer Guralp CMG-5T and the angular velocimeter METR-03 (red) installed at the 38-th
floor of the building

lated eigenfrequencies. The real accelerogram obtained from the measurements was
placed in the computational model, and the values of the displacementsat dynamic
impacts were received. The calculations showed that for the building located 200 m
from the bridge, the induced oscillations amplitudes (even in the case of resonance
coincidence) are 1000 times less then induced by the wind influence. This example
shows the possibility of the seismometry on a projecting stage.

24.3.1.2 Observations of the Rotational Oscillations
of the High-Rise Buildings

The analysis of the dynamics of the high-rise buildings calculation models shows
that the eigenmodes set besides the “linear” oscillations has quite intensive rota-
tional components. Figure 24.3 shows the pictures of the rotational movements
based on the calculation model for the high-rise apartment building; the maximum
displacement amplitudes due to the rotational oscillations 20–100 times less than
due to linear ones. Thus at seismic measurements on the buildings, part of the
spectrum peaks potentially reflects the rotational motions.

For clarifying of the matter the series of the experiments with simultaneous regis-
tration of the seismic signals at the building using both linear and rotational sensors
were performed. The “linear” oscillations were recorded using the accelerometer
and velocimeters by Guralp®, and the rotational motions – by METR-03 sensors
developed and produced by “R-sensors” LLC®. In Fig. 24.3 the power spectra
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for the records made with “linear” and rotational sensors are shown. The sensors
were installed on the same base at the 38-th floor of the apartment building of
simple shape. It is clearly seen, that the low-frequency spectrum peaks (lower than
0.5 Hz) correspond to the rotational oscillations. This fact is in good agreement
with the results of the computer simulation. It should be mention, that the spectra
of the rotational records have the peaks due to the building motions only – at other
frequencies almost only white noise exists, while the records of the “linear” sensors
contains a lot of parasitic signals. This selectivity of the rotational sensors has
good prospects for the monitoring systems operating in conditions of the high level
industrial interference.

24.3.2 The Computational and Experimental Data
Comparison for the Building Eigenmodes

The calculations and measurements of the eigenmodes were carried during the
construction when the height of the building was 8, 15, 22, 30, 37, 45 and 48 stories,
and the obtained values of the eigenfrequencies were compared with each other. The
following facts have been found:

– at relatively low number of stories (less 22) a lot of stably existing peaks is
observed; the values of the observed characteristic frequencies coincide with the
calculated frequencies rarely. This can be explained by the complicated spatial
composition of the building, especially at the lower part of the building. Besides,
the backfilling of a part of the basement construction was not made by that
time, that gave the more complicated fixing of the building in the ground then
in the computational model; this played a important role in formation of the
eigenmodes,

– the higher the building is, the “simpler” integrally the building become in it’s
shape; the number of spectrum peaks decreases and it’s values get to good
agreement with the calculations. Nevertheless, there are some peak groups (for
example, 0.6–0.7 Hz – the most intensive in the spectrum) that does not follow
the calculation results (Fig. 24.4). This proves the need for the building model
improvement.

24.3.3 The Computational and Experimental Data
Comparison for the Building Eigenmodes

As it was shown above, at top stories of the buildings the eigenmodes amplitudes
induced by wind pulsations are significantly greater than ones induced by mi-
croseisms via ground (including induction from the adjacent constructions). The
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Fig. 24.4 Eigenmode frequency change during construction of “Continental” high-rise building:
crosses – calculated values, other correspond to experimental detection of persistent peaks in a
microseisms spectra of the building

Fig. 24.5 Earth’s characteristic oscillations observed as: a time variation of an envelope of high-
rise buildings eigenmode oscillations (envelope spectra (a) and time-spectral diagrams (b)) and a
direct measurement by supergravimeter (Nawa et al. 1998) (c)

simultaneous measurements of the pressure pulsations with microbarograph and
mechanical oscillations clearly show the connection of these signals. The pressure
variations are characterized by pulsations of different amplitude and time behavior.
These signals modulate the amplitudes of the building eigenmodes. The long-term
observations (for hours and days) of the eigenmodes amplitudes variations allow to
reveal the modulating signal and to estimate it’s properties.

The Fig. 24.5 contains the result of the many-hours recording of the high-rise
building “Tower-2000” eigenmodes – the Fourier spectra of the envelopes for X-,
Y- and Z-components of the seismic signal record. The series of peaks is clearly
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seen, and the most intensive peak corresponds to the 820 s period that coincides
with an Earth eigenmode (free oscillation). The possibility of the appearance of the
Earth eigenmodes in the atmosphere phenomena (including the detected frequency
as one of the most powerful) were suggested earlier (Nawa et al. 1998).

To verify this, the special experiment on the island Big Solovetskiy in the White
See (a desolate island where the anthropogenic influence are minimal) was carried
out. There is a steep mountain of 80 m height on the seashore with the lonely
St. Ascension church on the top. The church height is 30 m, and the observations
of the eigenmodes of the church were made on it’s upper part. So, relative to the
surface the church in complex with the mountain is equivalent (in height and even
in plan) to a high-rise building. The permanent measurements lasted for several
days. In Fig. 24.5 the spectral-time diagram of the church eigenmode amplitudes
envelopes is presented, that shows the presence of the series of the narrow peaks
at the longperiod part of the spectrum, particularly the 820-s peak. Besides, in
Fig. 24.5 for the comparison with the obtained results, the diagram demonstrates
the presence of the free oscillations of the Earth during “quiet” (without powerful
earthquakes) time intervals. The result is obtained using the unique superconducting
gravimeter (Nawa et al. 1998); the records were carried out in conditions of the weak
man-caused interference in Antarctica. Taking into account the significantly higher
frequency resolution obtained (Nawa et al. 1998) at long-term observations, there
is a satisfactory agreement of the results. So, one may look forward to the high-rise
buildings to be original instruments of the planetary investigations.

24.4 Conclusions

The following most important results has been obtained.

1. A portable monitoring system which includes a set of linear broadband motion
sensors CMG-3TD, CMG-5T and unique highly sensitive, direct rotational
readout, molecular electronic sensors METR-03 has been designed and tested.

2. Both linear and rotational oscillations related to eigenmodes excited primarily by
wind flow oscillations of the building structure have been observed.

3. Different allocation schemes of the sensors have been tested. It was found that
most useful data can be obtained in case the sensors are located at some critical
points which can be found a priory based on the numerical simulation of the
structure response. The convenient and economical schemes for different types
of buildings has been developed and tested.

4. The long-term (about 8 years) permanent monitoring during the course of
construction of the 44-storey building in Moscow allowed to observe the long-
term creep of the concrete properties (the natural frequencies were changed
by 20% during the observation period) and seasonal variation of the elastic
parameters of the building structure (about 2% changes in an year).
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5. Based on the research results the following conclusions can be done:
6. The modeled and really observed parameters, especially for the lower eigen-

modes, are very consistent for a simple or very high (>75 m) buildings.
7. The well pronounced rotational oscillations of the building structures can be

detected using either differential technique and traditional highly sensitive
3-component seismic sensors or special direct rotational-readout seismic sensors.
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capacity curves and seismic response

bare frame, 126–127
inter-story drift, 128–129
inverse-triangular horizontal pattern,

126–127
mass-proportional horizontal pattern,

126
shear demands, constant horizontal

pattern, 129
shear demands, inverse-triangular

horizontal pattern, 129–130
shear limit state, 130
top displacement plan distribution,

127–128
eccentricity in structural system, 125–126
FeB38k steel, 121
geometrical and mechanical properties,

121–122
hospital complex, 120
limit states

inter-story drifts, 123–124
shear capacity, 124–125

mass and stiffness centers, 121
RC-framed buildings, 120
retrofit strategy, 131
rigidity, 132
seismic analysis, 122
seismic excitation, 122–123
spectral capacity vs. limit state, 131–132
torsional effects, 132

In-plane eccentric system, 138–139
In-plane irregularity, 349
Inter-story pounding. See Infilled and pilotis

RC structures
Irregular industrial steel buildings

axial forces, braced frames, 80–81
column and brace forces, 82–83
3D dynamic time-history analysis, 79–80
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elastic base shear, 81
elastic three-dimensional time history

analyses, 74
equivalent static force method and response

spectrum method
base shear force, 79
damping, 79
deformations, 77
dynamic analysis, 77
modal properties, 78
Rayleigh method, 78

equivalent static load method, 82
in-plane torsional effects, 82
NRCC/NBCC 2005, 73
Rayleigh method modal analysis, 84
seismic action

ductility system, 75
horizontal inertia forces, 76
large-capacity silos, 75
penthouse, 74–75
rigid diaphragm properties, 76
three-dimensional view and layout of

columns, 74–75
seismic base shear, 80–81
seismic design, 73
seismic force-resisting system, 74
seismic response, 84
selection and scaling of ground motions,

76–77
story displacements, 80–81

Irregular tall structures’ collapse analysis
deformations, 236
discrete Lagrangian formalism, 238–239
earthquake excitation

base story columns, 245
deformed shape, 246–247
displacement response, 248
ground motion, 246
weakened columns, 247

earthquake intensity, 249
geometric and material nonlinearity, 236
gravity loads, 239
inelastic deteriorations, 248
mixed Lagrangian formalism, 237–238
out-of-plane and torsional motion, 237
symmetric collapse mechanism

deformed shape of building, bird view,
241–242

deformed shape of building, plan view,
241, 243

displacement response, 241, 244
nonlinear dynamic analysis, 240
weakened base columns, 240–241

torsional collapse mechanism

base story weakened columns, 241, 244
column failure, 244
deformed shape, plan view, 242,

244–245
nonlinear static analysis, 241

torsional-lateral collapse, 249

J
Jin Mao Tower

rocking angles, 34–36
torsion damage, 36–37
translational displacements, 34–35

L
Linear dynamic response spectrum analysis

ATC40, 220
correction factor, 230
3D irregular structures, 219
dynamic properties, 226–227
eight-story building configuration, 222, 224
elasticity, 231
Eurocode 8, 230
extended CSM-FEMA440, 227
extended N2 method, 220
five-story building configuration, 222–223
ground motion intensity, 231
lateral transverse reinforcement, 224
normalised top displacements, 227
planar frames and bridges, 219
seismic assessment

seismic action, 225
structural analyses, 225–226

seismic intensity, 228
SeismoStruct, 223
three-story building configuration, 222–223
torsional correction factors

elastic dynamic analysis, 222
inelastic torsional response, 220
normalised roof displacement, 221
plastic deformations, 221

torsional effects, 228

M
Material nonlinearity, 236, 248
Mixed Lagrangian formulation (MLF). See

Irregular tall structures’ collapse
analysis

Modal irregularity, 111
Modal pushover analysis (MPA)

asymmetric buildings (see Asymmetric
buildings)
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Modal pushover analysis (MPA) (cont.)
plan-asymmetric buildings (see Linear

dynamic response spectrum
analysis)

unsymmetric-plan buildings (See
Unsymmetric-plan buildings)

Modal regularity, 108–109
Modal spectral analyses, 109
Multidirectional seismic effects, 194
Multiple tuned mass dampers (MTMDs)

allocation and sizing problem, 337
analysis/redesign algorithm, 329–330
equations of motion, 325–326
frame numbering, 334, 336
fully stressed design

bare structure frequency, 329
conjecture illustration, 328–329
floors, 328
spectral densities, 328
trusses, 327

ground motion, 334
multi-hazard mitigation, 324
natural frequencies, 324
performance-based design, 323
performance measures, 326
peripheral accelerations, 335
problem formulation, 326–327
proposed solution scheme

bare frame mass matrix, 332
Den-Hartog properties, 331
frequency-based spectrum, 330
modal damping, 332
power spectral density (PSD), 330
root mean square (RMS), 331
stiffness, 333
tuning frequencies, 333

retrofitted structure, 336–337
seismic excitations, 325
sequential search technique, 325
stiffness matrices, 335
8-story setback RC frame structure, 334
structural irregularities, 336
structural response, 323

Multi-story buildings
analyzed structure, 164–165
bidirectional loading, 170–171
continuous monitoring (see Autonomous

fibre-optic rotational seismograph
(AFORS))

corrective eccentricities (see Corrective
eccentricities)

displacements, 169–170
earthquake-resistant design (see

Earthquake-resistant design)

elastic hardening, 169
seismic input, 168–169
seismic monitoring (see Seismic

monitoring, linear and rotational
oscillations)

structural walls, 170
Takeda hysteretic behavior, 169
torsional sensitivity, 165–167
transformation to single-story structure,

166–168
unidirectional eccentricity, 171

N
National Building Code of Canada

(NRCC/NBCC 2005), 73, 76
N2 method, 220, 222, 225, 227, 228, 230–231
Nonlinear analysis

“as-designed” buildings
ductility, 258
time history analyses, 258
torsionally flexible building, 260–262
torsionally stiff building, 259–260
translational period, 259

direct displacement-based design method
(DDBD)

CANNY99, 277
cracking rotation, 278
elastic response spectrum, 279
hysteresis model, 278
mass displacements, 279
stress-strain diagram, 277

earthquake-resistant design, 257–258
Takeda hysteretic behavior, 169

Nonlinear response history analysis
(NL-RHA), 198

Nonlinear static method, 107

O
One-story eccentric systems

Alpha method, 151
asymmetric systems, 137
base-isolated structures, 138
corner displacement amplifications, 138
eigenproblem, 141–142
equations of motion

differential equations, 140
lateral-torsional response, 139–140
natural frequency, 141
physical property, 141
stiffness, 140

free vibrations, 152
in-plane eccentric system, 138–139
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lateral-torsional response, 137
maximum displacement and rotational

response
damped seismic response, 151
undamped free vibration response,

147–150
maximum longitudinal centre mass

displacement response
angular coefficient, 144
high-eccentric torsionally flexible

systems, 145–146
low-eccentric torsionally flexible

systems, 145
seismic excitation, 144
torsionally stiff systems, 144

maximum rotational response
damped seismic response, 146–147
undamped free vibration response,

145–146
modal contribution factors, 142–143
“period shifting” effect, 152
time-history analyses, 139
translational and torsional contributions,

139

P
Passive friction dampers. See Friction dampers
Period shifting effect, 152
Plan irregular structures

earthquake intensity, 172
multistory central core structure

analyzed structure, 164–165
bidirectional loading, 170–171
displacements, 169–170
elastic hardening, 169
seismic input, 168–169
structural walls, 170
Takeda hysteretic behavior, 169
torsional sensitivity, 165–167
transformation to single-story structure,

166–168
unidirectional eccentricity, 171

Romanian Code provisions, 172
simplified spectral analysis method

(SESA), 156–157
single-story structure

analyzed structures, 157–158
capacity spectrum method, 163
code provisions, 164
ground motion, 162
horizontal elastic response spectrum,

161
parameters, 158–159

seismic design force, 160
seismic input, 158
seismic response, 159
serviceability limit state, 160
survivability limit state, 161–162
translational inelastic behavior, 163
ultimate limit state, 161

spectrum-compatible accelerograms, 156
ununiformed displacements, 156

Pushover analysis, 107
P wave reflection, 19–25

R
Reinforced concrete (RC) bridges

bridge regularity
AASHTO LRFD code, 105
EC8 code, 105
elastic regularity index, 105–106
inelastic regularity index, 106–108

damage characteristics, 116
elastic displacement, 104
evolutive modal spectral analyses, 109
geometric and mechanic characteristics,

112–113
hysteretic energy dissipation, 110
inelastic behaviour, 113
lateral deformed configuration, 117
modal irregularity, 111
modal regularity, 108–109
performance evaluation, 115–116
pier height relationship, 112
seismic demand, 113
seismic design codes, 104
seismic evaluation procedure, 105
seismic performance, 110–112, 117
stiffness degradation, 109
viaduct-type bridges, 114–115

Reinforced concrete (RC) framed buildings
beam and column dimensions and

reinforcement, 49
C20/25 concrete and FeB38k steel, 49
collapse prevention, 54
concrete mechanical properties (see

Concrete mechanical properties)
damage index, 56
direct displacement-based design method

(see Direct displacement-based
design method (DDBD))

ductility, 56
elastic response, 52
exceedance probability, 54
horizontal loads, 57
immediate occupancy limit state, 57



372 Index

Reinforced concrete (RC) framed buildings
(cont.)

infill panels (see Infill panels)
inter-story drift, 52–53
linearized fragility curve, 55
mechanical properties, 47
medium-low seismicity, 55
seismic performance level, 48
seismic response

assumed limit states, 51–52
incremental dynamic analysis, 51
seismic input, 51–52

statistical indexes, 54
structural irregularities, 49–50
top story displacement, 52–53
torsional effects, 48

Reinforced concrete frame-shear wall structure
rocking, 37–38
structure torsion, 37, 39
translational displacement, 37–39

Rotational ground motions. See Seismic
ground rotations

Rotational motions, symmetric structures
Jin Mao Tower

rocking angles, 34–36
torsion damage, 36–37
translational displacements, 34–35

mass matrix and stiffness matrix, 33
30-m-height monument, 39–40
160-m reinforced concrete frame-shear

wall structure
rocking, 37–38
structure torsion, 37, 39
translational displacement, 37–39

Rayleigh damping, 33
seismic motions, 34
seismic translational components, 32

Rotational oscillations, 359–360

S
Seismic analysis, 122

EC8 provisions vs. response domain, 67–69
FEMA provisions vs. response domain,

68–71
response domain

capacity curves, 65
ductility factor, 65
statistical parameters, 66
top story displacements, 65–66

spectral analysis, 64
Seismic control. See Multiple tuned mass

dampers (MTMDs)
Seismic conversion efficiency, 9

Seismic demand, 209
Seismic design, 73
Seismic ground rotations

hypothetical rotational waves, 15
P wave reflection, 19–21
solid body mechanics, 17
spatial seismic effects, 16
spectral density derivation, P and SV waves

joint reflections
accelerations, 20, 22
angles of incidence, 24–25
apparent velocities, 23
free surface reflection coefficient, 21
modulus of coefficients, 23–26
Poisson coefficient, 23
shear modulus, 23
Stieltjes-Fourier representation, 22
surface ground motion, 21

surface torsion, 16
SV wave reflection, 21
torsion, SH waves

coefficient of tortional component vs.
angle of incidence, 19, 20

frequency domain, 19
principal coordinate system, 17
shear waves, 19
Stieltjes-Fourier integral, 18
wave propagation, 18

tortional and rocking acceleration, 25–26
unsymmetric-plan buildings, 208

Seismic monitoring, linear and rotational
oscillations

building eigenmodes
eigenfrequencies, 360
frequency resolution, 362
microbarograph, 361
spectral-time diagram, 362
“Tower-2000” eigenmodes, 361
wind pulsations, 360

3-component seismic sensors, 363
eigenmode frequency, 356
high-rise buildings, 354
instruments and methods

angular motions, 356
high-sensitive molecular-electronic

transducer, 356
linear sensors, 355
seismometers, 355
wind pulsations, 354

load-bearing constructions, 354
METR-03, 362
rotational oscillations, 359–360
space-time registration systems

accelerograms, 359
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construction interactions evaluation,
358

low-pass filtration, 358
seismic diagnostic results, 355, 357
seismic observations, 358
44-story apartment building, 357–358

Seismic radiation, 1–14
Seismic response

concrete mechanical properties, 60
corrective eccentricities, multistory

buildings
force-displacement curve, 186
height-wise distribution, 185
in-plan distribution, 185
nonlinear dynamic analysis, 184
story drifts, 186

damped systems, 146–147, 151
irregular industrial steel buildings, 84
single-story structure, 159

Shear requirements, 94–95
SH waves, 17–19
Single-story structure

analyzed structures, 157–158
capacity spectrum method, 163
code provisions, 164
ground motion, 162
horizontal elastic response spectrum, 161
parameters, 158–159
seismic design force, 160
seismic input, 158
seismic response, 159
serviceability limit state, 160
survivability limit state, 161–162
translational inelastic behavior, 163
ultimate limit state, 161

Static pushover analysis (SPA), 189
Steel buildings. See Irregular industrial steel

buildings
Stochastic equivalent linearization method, 298
Structural control. See Friction dampers
Structural irregularities, 49–50
Supplemental damping

column sway mechanism, 310
damper design, 315
drift amplification factor, 312
energy-based design method (see

Energy-based design method)
energy dissipation properties, 315
frame structures, 309
hysteretic dampers, 313–314
idealized shear structure, 311
irregularity limits

global displacement response, 318
ground motions, 316

regular base frames, 318
shear structures, 315–316
story strength capacity, 316
type L irregularities, 316–317

linear viscous damper, 322
modal participation factor, 311
performance spectra-based design method,

313
shear building model, 312
stiffness distribution, 314
9-story moment frame design

elastic frame, 319–320
ground motions, 318
inter-story drifts, 319, 321
nonlinear time-history analysis, 321
retrofit designs, 318
shear strength, 319

strength irregularities, 310
time-history analysis, 322
vertical irregularities, 310
viscous/viscoelastic dampers, 313–314
weak-beam-strong-column structural

model, 312
Surface rocking. See P wave reflection; SV

wave reflection
Surface torsion

definition, 16–17
SH waves

coefficient of tortional component vs.
angle of incidence, 19, 20

frequency domain, 19
principal coordinate system, 17
shear waves, 19
Stieltjes-Fourier integral, 18
wave propagation, 18

SV wave reflection, 21–25
Symmetric structures

ANSYS software, 41–43
estimation method for rotational

components
elastic wave method, 30
frequency dispersion effect, 31
plastic deformation, 30–31
translational components, 32

Eurocode8 method, 40–41
rotational motions

Jin Mao Tower, 34–37
mass matrix and stiffness matrix, 33
30-m-height monument, 39–40
Rayleigh damping, 33
reinforced concrete frame-shear wall

structure, 37–39
seismic motions, 34
seismic translational components, 32
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Symmetric structures (cont.)
seismic rotational loads, 43
seismic torsional damage, 30
structural response, 44
synthesized rotational components, 32–33

T
Torsional demands estimation. See Linear

dynamic response spectrum analysis
Torsional effects, 48

direct displacement-based design method
(DDBD)

asymmetric wall building, 271, 273
asymmetry in-plan structures, 270
code drift, 273
drift-controlled displacement, 273
plan eccentricities, 271–272
shear strength, 271
strength eccentricity, 271

infill panels, 132
Torsionally flexible steel building, 138,

141–143, 145, 150–152, 254–255,
260–267

Torsionally stiff steel building, 138, 141, 143,
144, 150–152, 254–255, 259–260,
262–265

Torsional sensitivity, 165–167

U
Unsymmetric-plan buildings

ASCE/SEI 41-06 nonlinear static
procedure, 214

bending moments, 213
building evaluation standard, 205
elastic response spectrum analysis, 204
floor displacements and story drifts

IBC06 buildings, 209, 211
inelastic deformation, 209
linearly elastic systems, 212
seismic demand, 209
UBC85 buildings, 209–210

ground motions, 208, 214
internal forces, 213
mass-eccentric structural systems, 204
median story drifts, 214–215
natural vibration periods and modes

lateral displacements, 206
stiffness, 208
torsional rotations, 206
UBC85 buildings, 206–207

non-linear static procedure, 216
plastic hinge rotations, 212
steel moment-resisting frame buildings,

216
structural modeling, 206
structural systems, 205–206
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