
Vasant Matsagar    Editor

Advances in 
Structural 
Engineering
Dynamics, Volume Two



Advances in Structural Engineering



Vasant Matsagar
Editor

Advances in Structural
Engineering
Dynamics, Volume Two

123



Editor
Vasant Matsagar
Department of Civil Engineering
Indian Institute of Technology (IIT) Delhi
New Delhi, Delhi
India

ISBN 978-81-322-2192-0 ISBN 978-81-322-2193-7 (eBook)
DOI 10.1007/978-81-322-2193-7

Library of Congress Control Number: 2014955611

Springer New Delhi Heidelberg New York Dordrecht London
© Springer India 2015
This work is subject to copyright. All rights are reserved by the Publisher, whether the whole or part
of the material is concerned, specifically the rights of translation, reprinting, reuse of illustrations,
recitation, broadcasting, reproduction on microfilms or in any other physical way, and transmission
or information storage and retrieval, electronic adaptation, computer software, or by similar or
dissimilar methodology now known or hereafter developed.
The use of general descriptive names, registered names, trademarks, service marks, etc. in this
publication does not imply, even in the absence of a specific statement, that such names are exempt
from the relevant protective laws and regulations and therefore free for general use.
The publisher, the authors and the editors are safe to assume that the advice and information in this
book are believed to be true and accurate at the date of publication. Neither the publisher nor the
authors or the editors give a warranty, express or implied, with respect to the material contained
herein or for any errors or omissions that may have been made.

Printed on acid-free paper

Springer (India) Pvt. Ltd. is part of Springer Science+Business Media (www.springer.com)



Foreword

Earthquake Engineering and Structural Dynamics is a major subject of teaching and
research in the present decade. This is evident from the size of publications taking
place in different themes of the subject in recent years. The number of committees
formed, the conferences organised and the special courses offered on the subject is
also large. Therefore, it is natural that the number of papers received in this area is
large for the Structural Engineering Convention (SEC 2014). As a result, a strict
criterion has been adopted to review the papers for the inclusion in the conference
proceeding to be published by Springer. The papers cover a wide range of topics,
namely structural control, offshore dynamics, dynamic soil-structure interaction,
seismic hazard analysis, retrofitting of structures for lateral loads, dynamic
behaviour of structures and the like. The papers have been peer-reviewed for
acceptance.

Like previous Structural Engineering Conventions, SEC 2014 has drawn the
interest of all researchers in different academic institutes in India. It is heartening to
see that a large number of researchers are working in the area of Structural
Dynamics and Earthquake Engineering. Certainly, the conference venue will pro-
vide them an excellent platform to meet and exchange ideas on various topics of
recent interest. The conference proceedings will be a good reference material for
them. Further, the conference proceedings being published by an international
publishing house will reach international readers. All these together make SEC
2014 an eventful congregation of researchers in the area of Structural Dynamics and
Earthquake Engineering.

The trend of recent researches has numerical orientation because of the avail-
ability of standard software. Therefore, solution of application problems forms the
core of majority of papers in the conference volume. In this context, the importance
of the materials presented in this volume lies in exploring the response analysis of a
variety of both models and prototypes of real-life structures. The excitations to the
structures constitute a number of important dynamic loadings such as earthquakes,
wind, wave, blast and moving loads. The structures include bridges, buildings,
chimneys, offshore platforms, specialty structures, foundation structures and other
types of civil amenity structures. The response analysis provides the values of
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response parameters that describe the dynamic behaviour of structures. In certain
cases, extensive parametric study is conducted to evaluate the effects of parameters
that predominantly influence the response.

In earthquake engineering, a major thrust of the papers is on earthquake resistant
design of structures. Both steel and concrete structures are considered. Post-yield or
inelastic analysis is carried out in most cases to verify the adequacy of the earth-
quake resistant design. Performance-based design and seismic retrofitting form
another set of interesting papers in which several issues related to the topics are
thoroughly discussed. Some of the retrofitting strategies use a seismic design
philosophy, e.g. they use structural control devices for retrofitting.

Two other areas of research are adequately covered in the conference volume,
namely structural health monitoring and structural control. Both topics deal with a
number of current research areas such as semi-active control, hybrid control and
passive control applied to bridges and chimneys. Extensive parametric studies
are presented to investigate the reliability and effectiveness of different control
strategies. The effects of various uncertainties existing in the seismic structural
control on the responses are brought out through interesting examples. In structural
health monitoring, system identification including damage state evaluation forms
the topics of discussion. Different types of health monitoring strategies are also
presented in the papers.

This proceedings goes as a compendium of interesting research papers on topical
themes on Structural Dynamics and Earthquake Engineering. Readers of the con-
ference volume will find them useful for both profession and research. Certainly, it
has the standard of an archive value.

Prof. T.K. Datta
Emeritus Professor

Department of Civil Engineering
Indian Institute of Technology (IIT)

Hauz Khas, New Delhi, India
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Preface

I am delighted that the Department of Civil Engineering, Indian Institute of
Technology (IIT) Delhi has hosted the eagerly awaited and much coveted 9th
Structural Engineering Convention (SEC2014). The biennial convention has
attracted a diverse range of civil and structural engineering practitioners, acade-
micians, scholars and industry delegates, with the reception of abstracts including
more than 1,500 authors from different parts of the world. This event is an
exceptional platform that brings together a wide spectrum of structural engineering
topics such as advanced structural materials, blast resistant design of structures,
computational solid mechanics, concrete materials and structures, earthquake
engineering, fire engineering, random vibrations, smart materials and structures,
soil-structure interaction, steel structures, structural dynamics, structural health
monitoring, structural stability, wind engineering, to name a few. More than 350
full-length papers have been received, among which a majority of the contributions
are focused on theoretical and computer simulation-based research, whereas a few
contributions are based on laboratory-scale experiments. Amongst these manu-
scripts, 205 papers have been included in the Springer proceedings after a thorough
three-stage review and editing process. All the manuscripts submitted to the
SEC2014 were peer-reviewed by at least three independent reviewers, who were
provided with a detailed review proforma. The comments from the reviewers were
communicated to the authors, who incorporated the suggestions in their revised
manuscripts. The recommendations from three reviewers were taken into consid-
eration while selecting a manuscript for inclusion in the proceedings. The
exhaustiveness of the review process is evident, given the large number of articles
received addressing a wide range of research areas. The stringent review process
ensured that each published manuscript met the rigorous academic and scientific
standards. It is an exalting experience to finally see these elite contributions
materialise into three book volumes as SEC2014 proceedings by Springer entitled
“Advances in Structural Engineering”. The articles are organised into three volumes
in some broad categories covering subject matters on mechanics, dynamics and
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materials, although given the diverse areas of research reported it might not have
been always possible.

SEC2014 has ten plenary speakers, who are eminent researchers in structural
engineering, from different parts of the world. In addition to the plenary sessions on
each day of the convention, six concurrent technical sessions are held every day to
assure the oral presentation of around 350 accepted papers. Keynote speakers and
session chairmen for each of the concurrent sessions have been leading researchers
from the thematic area of the session. The delegates are provided with a book of
extended abstracts to quickly browse through the contents, participate in the pre-
sentations and provide access to a broad audience of educators.

A technical exhibition is held during all the 3 days of the convention, which has
put on display the latest construction technologies, equipment for experimental
investigations, etc. Interest has been shown by several companies to participate in
the exhibition and contribute towards displaying state-of-the-art technologies in
structural engineering. Moreover, a pre-convention international workshop organ-
ised on “Emerging Trends in Earthquake Engineering and Structural Dynamics” for
2 days has received an overwhelming response from a large number of delegates.

An international conference of such magnitude and release of the SEC2014
proceedings by Springer has been the remarkable outcome of the untiring efforts
of the entire organising team. The success of an event undoubtedly involves the
painstaking efforts of several contributors at different stages, dictated by their
devotion and sincerity. Fortunately, since the beginning of its journey, SEC2014
has received support and contributions from every corner. I thank them all who
have wished the best for SEC2014 and contributed by any means towards its
success. The edited proceedings volumes by Springer would not have been possible
without the perseverance of all the committee members.

All the contributing authors owe thanks from the organisers of SEC2014 for
their interest and exceptional articles. I also thank the authors of the papers for
adhering to the time schedule and for incorporating the review comments. I wish to
extend my heartfelt acknowledgment to the authors, peer-reviewers, committee
members and production staff whose diligent work put shape to the SEC2014
proceedings. I especially thank our dedicated team of peer-reviewers who volun-
teered for the arduous and tedious step of quality checking and critique on the
submitted manuscripts. I am grateful to Prof. Tarun Kant, Prof. T.K. Datta and
Dr. G.S. Benipal for penning the forewords for the three volumes of the conference
proceedings. I wish to thank my faculty colleagues at the Department of Civil
Engineering, Indian Institute of Technology (IIT) Delhi, and my Ph.D. Research
Scholars for extending their enormous assistance during the reviewing and editing
process of the conference proceedings. The time spent by all of them and the
midnight oil burnt is greatly appreciated, for which I will ever remain indebted. The
administrative and support staff of the department has always been extending their
services whenever needed, for which I remain thankful to them. Computational
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laboratory staff of the department had handled the online paper submission and
review processes, which hardly had any glitch therein; thanks to their meticulous
efforts.

Lastly, I would like to thank Springer for accepting our proposal for publishing
the SEC2014 conference proceedings. Help received from Mr. Aninda Bose, the
acquisition editor, in the process has been very useful.

Vasant Matsagar
Organising Secretary, SEC2014
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About Structural Engineering
Convention (SEC) 2014

The ninth structural engineering convention (SEC) 2014 is organised at Indian
Institute of Technology (IIT) Delhi, for the first time in the capital city of India,
Delhi. It is organised by the Department of Civil Engineering during Monday, 22nd
December 2014 to Wednesday, 24th December 2014. The main aim towards
organising SEC2014 has been to facilitate congregation of structural engineers of
diverse expertise and interests at one place to discuss the latest advances made in
structural engineering and allied disciplines. Further, a technical exhibition is held
during all the 3 days of the convention, which facilitates the construction industry to
exhibit state-of-the-art technologies and interact with researchers on contemporary
innovations made in the field.

The convention was first organised in 1997 with the pioneering efforts of the
CSIR-Structural Engineering Research Centre (CSIR-SERC), Council of Scientific
and Industrial Research, Chennai and Indian Institute of Technology (IIT) Madras.
It is a biennial event that attracts structural engineers from India and abroad, from
both academia and industry. The convention, as much as it did in its history,
is contributing to scientific developments in the field of structural engineering in a
global sense. Over the years, SEC has evolved to be truly international with suc-
cessive efforts from other premier institutes and organisations towards the devel-
opment of this convention.

Apart from the 3 days of the convention, an international workshop is also
organised on “Emerging Trends in Earthquake Engineering and Structural
Dynamics” during Saturday, 20th December 2014 to Sunday, 21st December 2014.
Eleven experts in the areas of earthquake engineering and structural dynamics
delivered keynote lectures during the pre-convention workshop. The convention
includes scholarly talks delivered by the delegates from academia and industry,
cultural programmes presented by world-renowned artists, and visits to important
sites around the historical National Capital Region (NCR) of Delhi.
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Seismology and Ground Motion
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Ground Motion Scenario for Hypothetical
Earthquake (Mw 8.1) in Indo-Burmese
Subduction at Imphal City

Kumar Pallav, S.T.G. Raghukanth
and Konjengbam Darunkumar Singh

Abstract In this paper, variation of ground motion for Imphal city with respect to
synthetically generated 10 samples of earthquake (Mw 8.1) that occurred in
Indo-Burmese subduction zone (very near to Imphal) is presented based on
finite-fault seismological model combined with equivalent linear site response
analyses. For all 10 sample earthquake events, mean and standard deviation of
surface level spectral ground acceleration at peak ground acceleration (PGA) and
natural periods of 0.3 and 1 s have been reported in the form of contour maps.
These maps can be used as first hand information for administration, engineers, and
planners to identify vulnerable areas of Imphal city.

Keywords Ground acceleration � Earthquake � Seismology � Soil investigation �
Faults � Site response � Stochastic

1 Introduction

The Imphal city (24° 48′ N, 93° 56′ E), the capital of Manipur state, located in the
Northeastern (NE) region of India, is considered as one of the most severe seis-
mically active regions in the world (Fig. 1). In last 150 years, this region had
experience more than 2,400 earthquakes of magnitude (Mw) greater than 4.0. The
origin of these earthquakes owes to the crustal as well as the subduction zones, both
of which are in the closer to (within a radius of 300 km) Imphal city. Oldham [23]
and Nandy [21] has reported some of the past earthquakes that had caused massive
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damages to life and property in this region. Unfortunately, the earthquake happened
prior to 1869, there was no such documentation of damages for Imphal City.
Sarangthem [27] had reported extensive details of 1869 earthquake for magnitude
Mw 7.5 occurred at Kopili Fault. Manichandra (2007, Personal communication.
Manipur University) has discussed about series of earthquakes that followed viz.,
1947, 1950 and 1988 earthquake at Eastern Himalaya, Mishmi tectonic block and
Indo-Burmese subduction zone respectively, damages were also observed in Imphal
city. In the 1947 earthquake of magnitude Mw 7.9, there were reports of wall
cracking, rolling of cooking pots, movements of bed etc. in Imphal city. Ning-
thoukhongjam [22] gives insight of 15th August 1950 earthquake (Mw 8.6), which
occurred in the Mishmi tectonic block, wall cracks appeared in many buildings,
temple bells rang due to vibrations, sloshing of Loktak (the biggest fresh water lake
in eastern India) water surface was observed. In the 6th August 1988 earthquake
(Mw 7.2) which occurred in the Indo-Burma Ranges (IBR), some four storied
buildings in both Paona and Thangal markets tilted approximately at 1:240 slope,
wall cracked, many doors and windows got jammed. The Indian Standard Code of
practice for earthquake resistant design of structures, IS 1893 (2002), has identified

4<Mw<5
5<Mw<6
6<Mw<7
7<Mw<8
Mw<8

Fig. 1 Seismotectonic map
of NE India along with
epicenters (1866–2013)
geography of Imphal city
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the NE region of India including Imphal city as a severe seismic hazard zone
(i.e. zone V). In view of this, it would be of interest to estimate the ground motions
due to hypothetical earthquake of Mw 8.1 in Indo-Burmese subduction zone near to
Imphal city. It will be interesting for engineering purposes to know the variation of
ground motion for such scenario earthquake.

The present work focuses on the estimation of mean and standard deviation the
surface level spectral acceleration at Imphal city due to Mw 8.1 earthquake that may
occur closer to Imphal city. The modified one-dimensional stochastic finite fault
model proposed by Motazedian and Atkinson [20] is used for simulating the ground
motion. Further inputs parameter viz., source, fault, and medium parameters are
taken from previous work [16, 21, 26]. Then, using nonlinear site response analysis
proposed by Idriss and Sun [11] the (de)amplification at the ground surface are
obtained for all 122 sites. The estimated ground motion at surface are plotted in the
form of mean and standard deviation of PGA and spectral acceleration contour
maps for Imphal City for Mw 8.1 earthquake.

Imphal city is an integral part of Imphal Valley, which is also known as Imphal/
Manipur basin located in the central part of the Manipur state. The valley has its
width of about 30–35 km along east-west and a length of about 60–65 km along
north-south direction and orients itself along NNW-SSE forms a oval shape valley.
Physiographically, Imphal valley is a flat land surrounded by Patkai hills on the
north and north-east and Manipur hills, Lushai hills, Naga hills and Chin hills on
the south forming an integral part of Indo-Burma ranges [10, 17]. Agarwal and
Shukla [1], based on geomorphological feature, had classified the valley into five
units: (1) moderate to high structural cum denudational hills, which can be seen as
the hills and mountains surrounding the valley, (2) residual hills composing of
hillocks and hills which are scattered in the valley (e.g. Langol hill, Chingna hill,
etc.), (3) piedmont plain features along the foothills, (4) older alluvial plains of
alluvium deposits near foothills of Imphal valley, and (5) younger alluvial plains
having lower elevation then the older alluvial plains and mostly flat in nature. The
Disangs and Barails forms a major flysch basin in the tectonostratigraphy of Indo-
Burma Ranges (IBR). Regarding the formation of Imphal valley, the hypothesis of
Fluvio-lacustrine origin (with possible effects of subsequent earthquakes) is gen-
erally accepted (e.g. Ibotobmi [10]). As per author’s knowledge the bed rock profile
has not been mapped; however MESTEC (2007) report suggest that the average
thickness of alluvium is at least *100–150 m. It is suggested that the basement
more or less consists of Disang sediments. The extension of the basement faults
guided to the growth of isolated hillocks, as remnants of horsts. This forms the basis
of tectonic beginning and creation of Imphal valley [10]. However, this is in dis-
parity to the erosional formation of valley, the valley was formed due to filling of
river borne sediments in the Loktak lake, the original lake that engulfed the entire
valley once. Laiba [17] as another theory suggested about the Fluvio-lacustrine
origin of valley due subsequent earthquakes in the area. Due to the unavailability of
adequate soil data for the entire Imphal city area, the scope of the present study is
limited to a rectangular region of Imphal city of size 8.0 km × 11.5 km for
estimating the ground motion (Fig. 2).
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Local soil plays an important role in soil amplification and it necessary to know
the condition of soil of Imphal city. The main soil constituents of Imphal valley are
sands, clays, silts etc. of fluvio-lacustrine origin, whereas ferruginous red soils are
found near the isolated foothill region. The presence of alluvial type of soil can be
found nearby important rivers like Nambul, Imphal and Kongba. Laiba [17] in his
work explain in details about the type of soil.

Soils in valley areas are clayey type and are rich in humus. Soils in low-lying
areas of Imphal city viz., Lamphelpat, Takyelpat, Prompat, Kakwapat (pat means
lake) etc., are virgin soils like clayey loam, dark clayey, and boggy type. In present
study for Imphal city is restricted with Standard Penetration Test (SPT)-N data as
shear wave velocity profiles and Cone Penetration Test data are not available. Soil
investigation reports of Imphal city has been obtained from various construction
projects, which are through SPT at 122 different locations. These locations are
scattered over an area of about 11.5 km × 8 km along the NH-39 and NH-53 roads
as shown in Fig. 2. It can be seen from the figure that location of boreholes are more
around the Kangla palace area that houses several commercial and administrative
establishments, in addition to the sides of NH-39, NH 53 and NH-150 roads. The
SPT data observed are similar to the description given by Laiba [17]. These soils

Fig. 2 Imphal city
(boreholes, transportation
network and rivers)
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are generally loose in density, which are typical of alluvial/fluvial deposits. Indeed
the SPT data indicates that the SPT-N values even at 20–30 m depth below ground
surface are very low, mostly of the order of 10–20, excluding few places where it is
about 30–40. The subsurface soil condition and SPT-N profile at a typical borehole
located to the east of Langol hill (near NH 39) are presented in Fig. 3. Site con-
ditions have been classified based on average standard penetration resistance (�N) as
shown [9].

�N ¼
Pn

i¼1 diPn
i¼1 di=Nið Þ ð1Þ

where, di and Ni are the thickness and SPT-N value of each layer, n is the total
number of soil layers. Out of the 122 boreholes considered in the present analysis,
114 boreholes are classified as E-type ð�N\15Þ; and the remaining 8 boreholes
belong to D-type ð15\�N\50Þ. As per IBC [9], E-type sites are susceptible to
liquefaction of soil. Therefore, it can be seen that most parts of Imphal city are
vulnerable to liquefaction induced failure.

Fig. 3 Soil profile, SPT-N value and Shearwave velocity at a site near Langol hill
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2 Estimation of Ground Motion

Figure 1 also shows the seismotectonic setup surrounding Imphal city [7]. Based on
the seismotectonic features and geology, Goswami and Sarmah [5] and Nandy [21]
have divided NE India into six broad seismic zones. These are IBR, Assam Valley,
Shillong Plateau, Bengal basin, Eastern Himalaya and Mishmi Thrust. Among these
tectonic blocks the IBR, Shillong Plateau and Bengal basin, are closer to Imphal,
which makes the city more susceptible to the earthquakes originating in these
seismic zones. In present work, the variation of ground motion has been estimated
for Imphal city due to probable earthquake that may occur on IBR.

Earthquake ground motion is mostly represented by acceleration time-history.
The parameters that affect the ground motion at a given site are generally grouped
into source, path and site effects. In the site response analysis, the use of recorded
acceleration time histories as inputs is appealing. Due to unavailability of strong
motion records of past earthquakes that caused devastation to Imphal city, ground
motions are simulated by an analytical model. In these models, features of the
source and path are modelled as a large primary system and the effect of local
topsoil condition is treated as a secondary modification. In this study first the rock
level ground motion for the Mw 8.1 earthquakes is simulated by the stochastic finite
fault approach of Motazedian and Atkinson [20] which is based on the concept of
dynamic corner frequency and pulsing sub-faults. Finally, the generated ground
motion is further modified by site response analysis to obtain the surface level time
history. The application of stochastic finite-fault seismological model for estimating
ground motion in NE India has been discussed in detail by Raghukanth and
Dash [25].

In the present approach, the fault is divided into N number of sub-faults that are
represented as point sources [8]. The rupture front spreads radially from the
nucleation point and triggers the sub-faults when it reaches their center. The ground
motion of sub-faults are estimated by stochastic point-source method, are summed
with a suitable time delay in the time domain to obtain the ground-motion accel-
eration, a(t), from the complete fault.

aðtÞ ¼
Xnl

i¼1

Xnw

j¼1

aijðt þ DtijÞ ð2Þ

where, nl and nw are the number of subfaults along the length and width of main
fault, respectively (nl × nw = N), and Δtij is the relative delay time for the radiated
wave from the ijth sub-fault to reach the observation point. The aij(t) are each
calculated by the stochastic point-source method is described by Boore [3].

Raghukanth and Somala [26] calibrated the above finite fault seismological
model for NE India. The range of stress drop, pulsing percentage and the quality
factor for Indo-Burma, Shillong plateau and Bengal basin tectonic blocks have been
derived from the strong motion data of minor and moderate events in NE India. The
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Quality factor, Q(f), geometric spreading, and distance-dependent duration opera-
tors for northeast India are taken from Raghukanth and Somala [26].

The groundmotion samples obtained are based on a given set ofmodel parameters,
which are themselves uncertain. Thus the sample groundmotions from a suite of such
simulations may still not reflect all the variability observed in real ground motion. To
account for this, the slip distribution, stress drop and pulsing percentage are treated as
random variables, distributed uniformly about a mean value. The variation of shear-
wave velocity with depth for typical rock-type sites in NE India as reported by Mitra
et al. [19] is shown in Table 1. Based on the average shear-wave velocity in the top 30
meters of the soil, the international building code [9] classifies sites as A
(V30 > 1.5 km/s), B (0.76 km/s <V30 < 1.5 km/s), C (0.36 km/s <V30 < 0.76 km/s) and
D (0.18 km/s < V30 < 0.36 km/s) type sites. Since the average shear velocity is
1.25 km/s (Table 1), the rock site in NE India (Table 1) can be classified as B-type site.
Since modification between bedrock and A-type site is a linear problem in one
dimension and hence for such sites amplification [F(f)] can be found directly by the
quarter-wavelength method of Boore and Joyner [4].

The input source and path parameters used in the finite fault seismological
model, for simulating ground motion due to this event, are shown in Table 2. The

Table 1 Regional velocity
model [19] Depth (km) Vs (km/s)

0.1 1.25

0.8 2.75

1.4 3.6

2.2 3.75

Table 2 Input parameters in
the stochastic finite fault
seismological model

Parameter Hypothetical (Indo-Burma)

Magnitude, Mw 8.1

Location

Latitude
Longitude

27.1
92.5

Depth to top of the fault (km) 60

Stress drop (bars) 50–100

Quality factor, Q(f) 431f0.73

Site effects [F (f)] Quarter wavelength

Kappa factor 0.03

Fault dimensions (km) 175 × 80

Fault orientation

Strike(°)
Dip (°)

55
58

Pulsing percentage 25–60

Rupture velocity 0.8 β

Slip distribution Random field
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other parameter like magnitude, orientation, location of the fault and depth has been
taken from Kayal [15]. The quality factor for Shillong plateau is taken as 431f 0.73

[26]. The slip distribution, stress drop and pulsing area are treated as random field
and random variables in the model. The stress drop is taken to vary between 50 and
100 bars [25]. The pulsing percentage is taken in the interval 25–60 %. The
175 km × 80 km fault plane is divided into 14,000 subfaults of size 1 km × 1 km
respectively. Since the slip distribution on the rupture plane, stress drop and pulsing
area percentage are modelled as random variables; one can generate an ensemble of
time histories at the surface by numerical simulation.

By making use of latin hypercube sampling technique [13] 10 samples of ran-
dom seismic parameter are generated with the help of three simulated seismic
parameter. All ten simulated earthquakes are shown in Fig. 4. The PGA varies
between 0.1 and 0.25 g The amplification as well as response spectra due to local
site affect at Imphal city for one borehole are shown in Figs. 5 and 6.

Fig. 4 Synthesis of ground motion due to a hypothetical earthquake (Mw 8.1) in the Indo-
Burmese ranges
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3 Surface Level Ground Motion

Pallav et al. [24] shows that of IBR is the most active seismic zone in NE India that
can affect to Imphal city (>100 km) and hence plays a significant role in seismic
hazard analysis for this city. Some researchers have cogitated that there may be
great earthquake in IBR after the 26th December 2004 Indonesian event. Hence
possible ground motion due to a hypothetical earthquake in IBR has been con-
sidered in the study. Figure 7a shows the surface level PGA distribution for the Mw

8.1 hypothetical event in the IBA. Mean surface level PGA of 0.45 g has been
observed in several areas surrounding the Kangla palace and to the east of Langol
hill. The standard deviation around the central places viz., Kangla palace, polo
ground and RIMS are 0.12, 0.1, and 0.14 respectively (Fig. 7b). For 0.3 s time
period it can be seen that maximum mean surface level spectral acceleration of

Fig. 5 Surface level ground motion for the borehole near Chingna hill (Fig. 1) in Imphal city

Fig. 6 Response spectra for one bore hole
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0.27 g occurs to the east of Langol hill (Fig. 8a), whereas near Kangla palace, RIMS
and Sanamahi temple area the mean spectra acceleration is around 0.175 g. The
corresponding standard deviation at these locations is 0.05. Near Tulihal airport the
spectral acceleration is 0.15 g with standard deviation of 0.04.

For 1.0 s natural period the maximum surface level spectral acceleration is found
to be 0.055 g which occurs near Kangla palace area with standard deviation values
at PGA being 0.14 (Fig. 9a, b). Further near RIMS, Tulihal airport, Manipur
University and Sanamahi temple the mean spectral value is 0.035 g with standard
deviation of 0.08 in all these locations. At 0.3 and 1.0 s period standard deviation
are 0.04 and 0.016 near Kangla palace area and reduces towards Tulihal airport to
0.02 and 0.008 respectively (Figs. 8b and 9b). Surface level response spectra for
Mw 8.1 (5 % damping) is shown in Fig. 10.

In comparison with the IS-1893: 2002 [12] response spectra. It can be seen that
spectral acceleration for some of the sites the responses are underestimated by the
code of practice for this particular hypothetical events. For design value spectral
acceleration for all 122 sites the responses are underestimated by the code of
practice.

4

2

0

-2

-4

-6

D
is

ta
nc

e 
(k

m
)

Distance (km)
-4 -3 -2 -1 0 1 2 3

4

2

0

-2

-4

-6
D

is
ta

nc
e 

(k
m

)

Distance (km)
-4 -3 -2 -1 0 1 2 3

(a) (b)

Fig. 7 a Mean surface level PGA (5 % damping). b Standard deviation of PGA (5 % damping)
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4 Summary and Conclusions

In this paper, mean ground motion and its standard deviation at Imphal city has
been estimated for a possible future earthquake in the Indo-Burmese Subduction
zone, using analytical approach. Stochastic finite-fault seismological model has
been used for simulating rock level acceleration time histories. The input param-
eters have been taken from that reported in literature [7, 19, 21, 26]. Uncertainty in
the slip field, stress drop and pulsing area has been considered for simulating rock
level ground motion. The simulated rock level PGA at Imphal city due to Indo-
Burmese Subduction earthquake of Mw 8.1 lies in between 0.1 and 0.25 g.

In order to know the effect of the underlying soil layers over the bed rock,
nonlinear site response analysis has been accomplished at several locations in
Imphal city, for ten sample rock level time history and using the local soil properties
as inputs. Making use of empirical relation, proposed by Imai and Tonouchi [14],
shear wave velocity has been computed from SPT-N value. The surface level
ground motions have been computed by nonlinear site response analyses. The
results obtained are presented in the form of contour maps for mean spectral
acceleration and standard deviation at PGA, 0.3 and 1 s (Figs. 7, 8 and 9). It is
observed that at important places around Kangla palace the amplification for PGA
is of the order of 1.4–1.9. The contour maps show the significance of local site
conditions and clearly reveal the non-uniform dispersion of spectral acceleration.
To understand the frequency response functions, effect of soil layering and mean

Fig. 10 Mean response spectra for all sites due to hypothetical earthquake in IBR (Mw 8.1) (5 %
damping)
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surface level response spectra at 5 % damping are shown in Figs. 7, 8 and 9. The
amplification and de-amplification are observed due to non-linear behavior of soil.
Figure 10 shows comparison between the results obtained from this study with
IS-1893 response spectra.

The results obtained from the present study will be of varied use in engineering
constructions and design. The contour maps for the PGA can be useful in identi-
fying vulnerable areas, thereby, facilitating planning, design and construction of
new structures and strengthening of the existing structures in Imphal city.

It is well reported that complex local geometry (e.g. basin, undulated topography
etc.) can significantly affect the local site responses due to ground motion reflection
from the edges [2, 6]. As Imphal city is located on alluvial valley surrounded by
hills and with sparse hillocks, it is speculated that a three dimensional model study
may give more realistic insights into the behavior of soil response to obtain reliable
surface accelerations.
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Development of Surface Level
Probabilistic Seismic Hazard Map
of Himachal Pradesh

Muthuganeisan Prabhu and S.T.G. Raghukanth

Abstract Himachal Pradesh has experienced several major earthquakes in the past
and this high seismicity can be attributed to the under-thrusting of the Indian
tectonic plate against the Asian plate. Multi-channel Analysis of Surface Waves
tests (MASW) were carried out at 73 test sites, located in 22 important cities, which
indicated that the test sites were of C and D types. The ground motion prediction
equations capable of predicting the surface level ground motion for these site
conditions have been developed in line with the Probabilistic Seismic Hazard
Analysis (PSHA) methodology of NDMA report (2011) by incorporating the
evaluated site response functions. The probable seismic sources were identified
from the Seismotectonic Atlas of India published by GSI (2000) and the recurrence
parameters were established from the earthquake catalogue of Raghukanth (Bull
Earthq Eng 9:1361–1386, 2011). The surface level peak ground acceleration (PGA)
was estimated by PSHA approach for a return period of 2,475 year that corresponds
to a 2 % probability of exceedance during a design life of 50 years. Also, the
uniform hazard response spectrum plots for some important test cities are presented.
The predictions of the developed GMPE agrees well with the seismic events
recorded in this region.
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1 Introduction

Himachal Pradesh lies in a seismically active region and has experienced several
major earthquakes in the past such as the Kangras (Mw7.8, 1905), Uttarkashi (Mw7,
1991), Killari (Mw6.2, 1993), Chamoli (Mw6.8, 1999). The seismicity can be
attributed to the presence of several major faults in this region such as the Main
central thrust (MCT), Main boundary thrust (MBT), etc. Due to high topographic
variation and the presence of several perennial rivers (see Fig. 1), this region has
immense hydro-electric potential that has drawn a considerable investment on
infrastructures such as Dams, Tunnels, etc. Additionally, the touristic appeal of this
region combined with the rugged terrain has resulted in clustered and unplanned
developments across this region. Hence, it becomes necessary to judiciously
evaluate the seismic hazard of this region and the risk it poses to human life and
infrastructure. Several works have presented the hazard map of this region such as,
Khattri et al. [13], Bhatia et al. [1], Parvez et al. [19], Mahajan et al. [15], report by
the National Disaster Management Authority of India (NDMA) [17], Patil et al.
[20]. It should be noted that these values are presented for bedrock level with a
shear wave velocity exceeding 1,300 m/s. However, most of the population centers
(such as Kangra, Shimla, Mandi, Una, Solan, Sundernagar, etc.) are located on the

Fig. 1 Map of Himachal Pradesh: topography, location of the test sites, PSHA computation grid
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lesser Himalayan region which are featured by thick Neogene Siwalik sediments
with gravel and boulder beds [15] whose attenuation characteristics needs to be
considered while estimating the hazard level. In such cases, the existing practice is
to scale the design spectrum by a multiplying factor known as site coefficient. But,
it has been well established that the local site conditions can significantly alter the
ground motion by amplifying only certain frequencies depending on its dynamic
characteristics. Instead, in this study, the site response function is incorporated in
the procedure of PSHA to estimate the seismic hazard at surface level directly.
However, this necessitates the characterisation of the site conditions at some of the
important urban agglomerations in this study region.

As a result, Multi-channel Analysis of Surface Waves (MASW) tests were per-
formed at 73 sites located in 22 important cities to characterise the dynamic prop-
erties of soil. Based on these tests, the site response functions have been evaluated
using SHAKE91 [10] which were used to develop the surface level attenuation
relation for the two geologic regions, viz., Himalayan and Indo-Gangetic region,
observed within the test region. The developed attenuation relationships are inte-
grated into the PSHA approach presented in NDMA report [17] to estimate the
surface level hazard maps in terms of PGA values for MCE event with a return
period of 2475 years that corresponds to a 2 % probability of exceedance in 50 years.
The probable seismic sources have been identified from the Seismotectonic Atlas of
India [8] whose seismogenic characteristics or recurrence parameters have been
adopted from the NDMA report [17].

The methodology of developing the surface level attenuation relation and
incorporating it into the PSHA methodology are briefly discussed further. The
predictions of the attenuation relation are compared with actual events and the
results of PSHA are presented in a simplified form that can be directly used for
design purposes.

2 Geography of the Study Region

The state of Himachal Pradesh comprises of two geographically classified regions
viz., Indo-Gangetic region in the South-West and the Himalayan region in the North.
Remarkably, all the three geological divisions of Himalayas pass through the state
with the altitudes varying from 320 m (Una district) at the low lying Siwalik regions
in the South to 6,975 m (Kinnaur District) in the mountainous Greater Himalayas in
the North. The altitude of the region increases from the South West towards North
East (see Fig. 1). The district of Una and parts of the districts of Sirmaur, Solan,
Bilaspur, Hamirpur and Kangra lie in the Indo-Gangetic plain. These regions are
characterised either by the unconsolidated formations of the Siwalik sediments
belonging to Quaternary era in the Southern parts to semi-consolidated formations of
Tertiary era in the Northern parts with the presence of gravel or boulder embedded
beds [22]. The district of Mandi, Shimla, Chamba, Kullu and parts of the districts of
Bilaspur, Hamirpur, Kangra, Sirmaur and Solan are located in the lower hills of
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Himalayas while the districts of Kinnaur and Lahaul and Spiti lie in the outer
Himalayas [12]. The lower Himalayan regions are characterised by semi-consoli-
dated formations of Tertiary, Mesozoic and Upper Paleozoic era [22]. The upper
Himalayas are characterised by consolidated formations of Mesozoic, Paleozoic and
Precambrian era and marked by highly weathered residuum of the Tethyan basin and
fractured formations [22]. The districts of Bilaspur, Hamirpur, Kangra, Mandi, Sir-
maur, Solan and Una generally have brown, alluvial and grey brown podzolic soils,
the districts of Kullu and Shimla have grey-wooded podzolic soils, while Kinnaur,
Lahaul and Spiti and some parts of Chamba have humus mountain speletal soils [5].

This extreme topographic and climatic conditions has resulted in the bunching of
population in the favourable lower altitude regions such as Hamirpur, Bilaspur,
Una, Kangra, etc. with population density of over 250 per sq.km. compared to the
harsher higher altitude regions such as Kinnaur, Lahaul and Spiti, etc. with pop-
ulation density lesser than 15 per sq.km [7]. Additionally, the decadal population
growth exceeding 12 % in the state highlights the elevated seismic risk level posed
to these clustered population centers and reinforces the need to judiciously estimate
the seismic hazard level of this region.

3 Seismotectonics and Seismicity of the Study Region

The identification of the probable potential sources is the initial step of the PSHA
methodology. It can be observed from Fig. 2 that several prominent faults are
situated in the study region. The locations of these faults, that lie within a 500 km
radius of the study region, have been obtained from the Seismotectonic Atlas of
India [8]. A total of 192 faults were identified to lie within 500 km around the state
of Himachal Pradesh and were considered as probable sources in this study and are
shown in Fig. 2. It can be seen that several major faults run across or close to some
important cities, namely, Jwala Mukhi Thrust (JMT) across Hamirpur; Main Frontal
Thrust (MFT) near Una; Drang Thrust near Nahan, Solan, Hamirpur, Mandi and
Dhramshala; Main Boundary Thrust near Solan, Mandi and Dhramshala; Main
Central Thrust (MCT) near Kullu, Manali, Kalpa, Keylong; Sundernagar Fault (SF)
across Sundernagar.

Figure 2 also shows the past seismicity of this region between 1664 AD to 2011
AD taken from the available literature [17, 21]. It can be observed that the region
had experienced some major earthquakes of magnitude exceeding 6 ðMw [ 6Þ in
the past. This high seismic activity of this region can be attributed to its location on
the converging plate boundary between the Indian and the Asian tectonic plates. It
can be seen that certain regions exhibit similar level of seismic activity and some of
the past earthquakes can be associated with the identified faults. National Disaster
Management Authority [17] has classified the Indian subcontinent into 32 seism-
ogenic zones and estimated the recurrence parameters for these regions. Six of these
seismogenic zones (1, 2, 3, 6, 21, 22, 28) that are present within 500 km distance of
the study region have been considered in this study.
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4 Site Characterisation by MASW Test

The local soil conditions are known to significantly alter the ground motion and this
becomes of engineering importance when the soil strata amplifies the ground
motion across certain frequency ranges that are close to the structural frequency. It
is widely accepted that the elastic response of the soil medium can be characterised
by means of its shear wave velocity [9]. In this study, the shear wave velocity
profiles of 73 sites located in 22 important cities, including all the 12 district
headquarters, were estimated through Multichannel Analysis of Surface Waves
(MASW) tests [18].

In short, an artificial source initiates the surface (Rayleigh) waves which will be
recorded by multiple receivers spread along a survey line. Spectral analysis of these
records will reveal the dispersion characteristics of the medium resulting in what is
known as a dispersion curve, which indicates the variation in the wave velocity with
depth. By inversion technique, the shear wave velocity profile is estimated by
iterative comparison with the measured dispersion curve in a least-squares sense [18].
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The active seismic source used was a 8 kg hammer, with an automatic trigger,
struck against a metal plate which was always placed at a known offset from a
equally spaced linear array of geophones or receivers (4.5 Hz frequency). The data
was collected by a 24-channel Geode and stored in a laptop. A minimum of 3 shots
were stacked at each source location to improve the Signal/Noise ratio.

The test locations at each of these cities were chosen based on their proximity to
important structures, open area and low noise level. Based on the average shear-
wave velocity in the top 30 m or Vs30 values, these sites were classified according
to IBC 2009 site classification. Among the 73 test sites, it was found that 2 were of
B-type, 50 were of C-type and 21 were of D-type. Since the Vs30 values of the two
B-type sites were on the lower end, their Vs profiles were grouped along with the C-
type sites for estimation of the site response coefficient. The shear wave velocity
profiles for C and D-type sites are shown in Fig. 3a, b.

5 Site Response Function and Surface Level Ground
Motion Simulations

From the MASW tests, it shows that the site conditions at the important cities were
of either C or D type. The computed shear wave velocity profiles of these test sites
indicate the variability in the soil layering within the top 30 m. Using these profiles,
we perform a nonlinear site response analysis using SHAKE91 [10] to estimate the
frequency response function of the site coefficient. For this analysis, 20 acceleration
time histories were simulated using a finite source seismological model [3] for a A-
type site or at bed rock level, simulated for both Himalayan and Indo-Gangetic
regions, and were used as the input wave at the bedrock level. The frequency
response function of the site coefficient or the site response function ‘Fsðf Þ’ is
evaluated as the ratio of the spectral acceleration at the surface and the bedrock
level. These site response functions were evaluated for all the 73 sites. Figure 4a, b
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shows these functions grouped based on their site classification to evaluate the
mean site response function and its standard deviation for both the site types.

In the absence of groundmotion database with records complete for all magnitudes
(M) and hypocentral distances (r), it has become acceptable to use a database of
simulated ground motion [17]. In this study, the site response function, that were
computed earlier, were used in the place of the site dependent function used in the
stochastic finite fault approach of Boore [2] to simulate the synthetic ground motion
time histories at the surface level. These groundmotions were simulated for 10 values
of M (ranging from 4 to 8 at 0.5 units), 20 values of R (ranging from 1 to 500 km), 8
azimuths (ranging from 0° to 315° at 45° interval) and 50 random combinations of 7
other uncertain seismic parameters such as: stress drop; focal depth; dip; radiation
coefficient and pulsing percentage area, whose ranges were reported in the NDMA
report [17] for the two geological regions. As a result, the synthetic database reflects
the dynamic response of the local soil conditions observed in the study region. The
intensity measures (such as PGA) of these surface level ground motions can be
utilised to develop the region-specific attenuation relation described in the following
section.

6 Surface Level Ground Motion Prediction Equations

The purpose of performing the site characterisation and developing a database of
synthetic ground motion is to account for the uncertainty in the medium charac-
teristics or the source-to-site path that causes the attenuation of the ground motion.
The ground motion generated at a source attenuates as it travels through the medium
and the extent of attenuation depends on several factors such as source-to-site
distance (radiation damping), medium properties (anelastic damping), rupture
characteristics, etc. Using the simulated database of surface level ground motion,
region- specific surface level ground motion prediction equation (also known as
attenuation relation), for C and D type sites in the two geological regions, have been
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developed using the functional form proposed by the NDMA report [17] which is
given as follows,

ln
Y
g

� �
¼ c1 þ c2M þ c3M

2 þ c4r þ c5 lnðr þ c6e
c7MÞ þ c8 logðrÞf0 þ lnðeÞ ð1Þ

where, Y is the ground motion intensity measure (PGA), M is the magnitude, R is
the hypocentral distance and f0 ¼ max ln r=100ð Þ; 0ð Þ. The coefficients c1; . . .; c8 are
determined by a two-step regression method proposed by Joyner and Boore [11]
and the values are presented in Table 1. The term e accounts for the aleatory
uncertainty in the attenuation relation. The predictions of the developed GMPE
compares agreeably with that of the response spectrum of measured events (35 Hz
low-pass filtered data available [16]) as can be seen in Fig. 5a, b. For this com-
parison, the coefficients of the GMPE were evaluated for 28 natural periods and the
values presented in Table 1 correspond to the Sa values at T = 0s.

With the development of these relations, it is now possible to estimate the
surface level hazard at any site within the state of Himachal Pradesh due to any
seismic activity at any of the 192 probable seismic sources.

7 Probabilistic Seismic Hazard Analysis

The PSHA methodology using Cornell-McGuire approach has been discussed
widely in the literature [4, 14, 17] and was carried out using an in-house
MATLAB® code. The aim of PSHA is to estimate the probability of the ground
motion, at a site, to exceed certain intensity level due to earthquakes of any
magnitude occurring at any or all of the probable seismic sources. If the earthquakes
occurring at a fault are assumed to be independent then the number of earthquakes
occurring at a fault follows a stationary Poisson process. Then, the probability of
the ground motion at a site ðYÞ exceeding a certain level ðy�Þ in a time frame of
T years will be,

P Y [ y� in T yearsð Þ ¼ 1� e�ly�T ð2Þ

where, ly� is the mean annual rate of exceedance and is determined by,

ly� ¼
XK
i¼1

Niðm0Þ �
Zmu

m¼m0

Zrmax
r¼rmin

P½Y [ y�jm; r�pRjMðrjmÞpMðmÞdrdm ð3Þ

where, pMðmÞ is the probability density function of the magnitude expressed as an
exponential random variable and accounts for the magnitude uncertainty, pRjMðrjmÞ
is the probability density function of the hypocentral distance computed numeri-
cally by the method of Der Kiureghian and Ang [6] and accounts for the uncertainty
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in the hypocentral distance. P½Y [ y�jm; r� is the conditional exceedance proba-
bility of y� to be exceeded at the surface level, for a specified magnitude and
hypocentral distance, and is determined using the developed GMPE. This accounts
for the uncertainty in the medium characteristics and is expressed as a lognormal
random variable.
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8 Results and Discussions

The region considered for this study spreads over 30° 20′N to 33° 15′N latitudes
and 75° 45′E to 79° 00′E longitudes and encompasses the entire state of Himachal
Pradesh and the surface level seismic hazard has been estimated at a 0:2� � 0:2�

grid level covering the entire study region as shown in Fig. 1. The MASW results
indicate that the C and D type sites are prevalent at the populated regions of the
state. B-type sites were detected at only 2 locations amongst all the tested locations
and have been considered as C-type for conservative estimates, since their Vs30
values were bordering with that of C-type. Since, it is neither possible nor necessary
to accurately determine the site condition at all location across the state, we have
estimated the surface level hazard for this region considering it entirely to be of
either C or D type. Thus, the surface level peak ground acceleration values were
estimated for a return period of 2475 years, which corresponds to a 2 % probability
of exceedance in 50 years, for these two site conditions and are shown in Figs. 6
and 7. It can be observed from these plots that the obtained PGA values are in the
range of 0.16–0.35 g for C-type sites and 0.16–0.38 g for D-type sites. These values
are higher than the values presented for A-type sites in NDMA [17] and Patil et al.
[20] (with variable ‘b’) due to the consideration of the site effects.
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Apart from the PGA contour maps, the Uniform Hazard Response Spectrum
(UHRS) has also been estimated for all the district headquarters as shown in Fig. 8a,
b. In order to obtain the UHRS curves, the ground motion prediction equations were
developed using spectral acceleration values at 28 time periods. Each value in these
response spectrums have uniform probability of exceedance for all the 28 spectral
values. It can be observed from these plots that among all C-type cities, Bilaspur
exhibits the highest hazard while Solan being the lowest. Also, Una being the only
city in the Indo-Gangetic region exhibits the lowest hazard level among the D-type
sites while the highest being Sundernagar. It can also be seen that for certain cities
with both site types (e.g. Chamba, Sundernager, etc.), the D-type sites exhibit
higher hazard levels as expected.

9 Conclusions

In this study, MASW tests were conducted at 73 sites located in 22 important cities
of Himachal Pradesh, to estimate the dynamic characteristics of these site condi-
tions. Based on the evaluated site response functions, ground motion prediction
equations have been developed to predict the surface level peak ground acceleration
values for the widely prevalent C and D type sites in the two geological regions,
viz., Himalayan and Indo-Gangetic regions. The predictions of the GMPE agrees
with the measured values of actual events. Using these attenuation relations, the
probabilistic seismic hazard analysis has been carried out for the state of Himachal
Pradesh by adopting the framework proposed in the report of the National Disaster
Management Authority [17]. The seismicity of 192 faults identified within a
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500 km distance from this region have been considered while carrying out PSHA.
The estimated surface level seismic hazard (PGA) of the Himachal Pradesh are
presented for the both C and D site conditions. Also, Uniform Hazard Response
Spectrum (UHRS) plots for some important cities are presented.
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Simulation of Near Fault Ground Motion
in Delhi Region

Hemant Shrivastava, G.V. Ramana and A.K. Nagpal

Abstract Ground motions in the vicinity of the source caused severe damage to
structures as evidenced during the past earthquakes (Loma Prieta 1989; Kobe 1995;
Chi-Chi 1999). Near fault ground motions are characterized by long period velocity
pulse as reported in literature (Somerville, 2005). This pulse type of motion is
produced due to forward directivity where fault rupture propagates towards the site
at a velocity close to shear wave velocity, causing most of the seismic energy to
arrive at the site within a short time. Such impulsive motion subjects structures to
high input seismic energy at the beginning of the record. In this study, near fault
ground motion for Mw 6.0 has been simulated in Delhi region. The high frequency
ground motion has been simulated using specific barrier model, combined with long
period velocity pulse. As reported in literature, strong ground motion with long
period pulse can increase the demand on medium and high rise structures.

Keywords Delhi region � Near fault � Long period velocity pulse

1 Introduction

Delhi, capital city, lies in the northern part of India. It is located between latitude
28o 24′–28o 53′ and longitude 76o 50′–77o 20′. It is centre of major economic and
commercial activities with a very high density of infrastructure. It is situated at
distance of 200–300 km from Himalayan arc region. Moderate/local earthquakes
(Mw 6.0, 1960; Mw 2.6, 2002; Mw 3.4, 2004; Mw 4.1, 2007; Mw 5.0, 2012) were felt
in the Delhi city. The earthquake that occurred on 27th August, 1960, has its
epicentre near Sohna at a distance about 60 km from Delhi city and caused minor
damage to buildings and left around about 50 persons injured [31]. Singh et al. [25]
simulated ground motions in Delhi from possible future large/great earthquakes in
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the central seismic gap in Himalayan arc. They have generated ground motion for
magnitude Mw 7.5, 8.0, and 8.5 using stochastic method (point source and finite
source). Rao [23] simulated ground motion for Mw 6.0 and 6.5 earthquakes using
specific barrier model. Bansal et al. [3] studied two local earthquakes (Mw 2.6,
2001; Mw 3.4, 2004) of Delhi and synthesized expected ground motions in the
epicentre region for an Mw 5.0 earthquake in Delhi using EGF. Delhi earthquake of
25 November 2007 (Mw 4.1) was studied by Singh et al. [26] and they provided
source parameters. They compared recorded PGA with attenuation relationship
proposed by Iyengar and Ghosh [11]. The equation was found to overestimates the
PGA for distances greater than 100 km. Kumar et al. [12] studied the effect of two
hypothetical moderate earthquakes of Mw 5.5 and 6.0 for seismic hazard and risk in
NCR (Delhi) region. They simulated earthquake ground motion using composite
source technique at hard soil site and soft soil site. Manisha et al. [16] simulated
strong ground motion at bedrock level in National capital (Delhi) region using semi
empirical technique for Mw 5.5 and 6.0. Mittal et al. [18] simulated strong ground
motion of a local earthquake (Mw 5.5) in Delhi using EGF at bedrock level and at
different soil sites. However, none of the above studies incorporated long period
velocity pulse which is important characteristic of near fault ground motion.

From past earthquakes (Loma Prieta 1989; Landers 1992; Kobe 1995; Chi-Chi
1999) it has been observed that stations located near fault recorded a ground motion
with long period velocity pulse [29]. Bertero et al. [4] has been identified long
period velocity pulse is critical in the design of structures. A coherent long period
velocity pulse is generated by forward directivity effect. Forward directivity occurs
when the fault rupture propagates towards the site at a velocity nearly equal to the
propagation velocity of the shear waves and the direction of fault slip is aligned
with the site and causes the wave front to arrive as a single large pulse [30]. The
near fault pulses can cause very large inelastic deformation demands on a structure.
The effect of long period ground motion on flexible structures has been extensively
reported in the literature [28, 30]. The importance of near fault motions on structural
performance has been reported in several studies [1, 9, 13–15]. The elastic and
inelastic analysis of multi-degree of freedom systems indicates that amplitude and
period of the pulse in the near fault earthquakes are key parameters that control the
performance of structures [1, 4, 9, 24, 33]. A number of studies are available to
characterize the amplitude and period of the pulse for long period ground motion in
the near fault region [2, 7, 10, 17, 30]. The hybrid methodology, consisting of
superimposition of high frequency ground motion and long period velocity pulse
[6, 10, 17], is an efficient and effective method for the simulation of strong ground
motion in near fault region [8, 10].

In the present study, the strong ground motion has been simulated using hybrid
technique for near fault earthquake (Mw 6.0) in Delhi region from local sources. The
specific barrier model has been used for simulating high frequency ground motion
of Mw 6.0 earthquake and the long period velocity pulse model [17] is used for
simulating the low frequency ground motion and these are then superimposed. This
simulation method can be used to generate synthetic ground motion for scenario
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earthquakes in Delhi region and it can further be used in the damage evaluation and
seismic assessment of structures.

2 Simulation of High Frequency Ground Motion

For the simulation of strong ground motion, stochastic method described by Boore
[5] is adopted here. The Fourier amplitude spectrum of S-wave portion of strong
ground motion, Y(Mo, r, f), at an distance R from an source, can be expressed as

Y Mo;R; fð Þ ¼ E Mo; fð ÞGðRÞAnðf ÞPðf Þ ð1Þ

E Mo; fð Þ ¼ c � S Mo; fð Þ ð2Þ

where, c is constant, S(Mo, f) is source spectrum, G(R) is path effects, An(f) is path
attenuation term, P(f) is site terms, Mo is the seismic moment, f is the frequency and
R represent distance in km.

The specific barrier model has been used to simulate the source spectrum
[20, 21]. It composed of subevents that rupture randomly and independently in
time. The subevents are modelled as identical circular cracks and the acceleration
source spectrum [22] may be expressed as follows

S Mo; fð Þ ¼ 2pfð Þ2 N 1þ N � 1ð Þ sin pfTð Þ
pfTð Þ

� �2
" #( )1

2

Moi fð Þ ð3Þ

Moi fð Þ ¼ Moi

1þ f
f2

� �2 ð4Þ

where,Moi(f) is the acceleration source spectrum of the individual subevent, N is the
total number of subevents that compose the rupture.

3 Simulation of Long Period Velocity Pulse

In the case of near fault ground motion, most of the elastic energy arrives coherently
in a single, intense, relatively long period pulse at the beginning of the record,
representing the cumulative effect of almost all the seismic radiation from the fault.
The phenomenon is even more pronounced when the direction of slip on the fault
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plane points towards the site as well. Mavroeidis and Papageorgiou [17] proposed
an analytical expression for near fault velocity pulse given as

v tð Þ ¼
A
2 1þ cos 2pfp

c t � t0ð Þ
� �

cos 2pfp t � t0ð Þ þ m
� �h i

; t0 � c
2fp

� t� t0 þ c
2fp

with c[ 1

0; otherwise

(

ð5Þ

a tð Þ ¼
Apfp
c

sin
2pfp
c

t � t0ð Þ
� �

cos 2pfp t � t0ð Þ þ t
� �

þ c sin 2pfp t � t0ð Þ þ t
� �

1þ cos
2pfp
c

t � t0ð Þ
� �� 	

2
6664

3
7775; t � c

2fp
� t� t0 þ c

2fp
with c[ 1

0; otherwise

8>>>>><
>>>>>:

ð6Þ

Here, parameter A controls amplitude of the signal, fP is for prevailing frequency, t
is phase of amplitude modulated harmonic, c is a parameter that defines the
oscillatory character of the signal and t0 specifies the epoch of the envelope’s peak.
The pulse duration, pulse amplitude, as well as the number and phase of half cycles
are the key parameters that define the waveform characteristics of near fault velocity
pulses. The prevailing frequency (fp = 1/TP) of the signal is the inverse of the
duration of the pulse. The pulse period and the moment magnitude are related
through empirical relationship given by Mavroeidis and Papageorgiou [17].

log Tp ¼ �2:9þ 0:5MW ð7Þ

4 Simulation of Near Fault Earthquake

Delhi region felt an earthquake of maximum Mw 6.0 till now. It occurred between
Delhi cantonment and Gurgaon (epicentre within *5 km of 28.47o N, 77.00o E) at
a shallow depth [19, 27], however, no record of this earthquake is available. To
generate Mw 6.0 earthquake, the fault location is assumed within *5 km of 28.47o

N, 77.00o E [27]. If site is located within distance of 15–25 km from fault and align
in the direction of rupture and slip on the fault. It may cause large damage to site
due to long period velocity pulse. The specific barrier model used for simulating
high frequency ground motion for local sources of Mw 6.0 and the simulation
parameters have been adopted from Rao [23] and are given in Table 1. These
scenario earthquakes generated at the ridge observatory (Delhi).

The input parameters to simulate the long period velocity pulse are as following:
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(a) Amplitude
For the amplitude of velocity pulse, the attenuation relationship developed by

Somerville [28] between the peak ground velocity, moment magnitude and distance
between fault and site has been adopted in present study. This relationship cannot
be used for distance less than 3 km.

log10 PGV ¼ �1:0þ 0:5MW � 0:5 log10 R ð8Þ

where, R is the closest distance of the site to the fault and Mw is the moment
magnitude.

(b) Number of Pulses
The number of significant pulses in the velocity time history is an important

parameter for structural response. Multiple cycles of motion can dramatically
increase the damage potential of the ground motions. The number of cycle of
motion is defined as the number of half cycles. Somerville et al. [30] suggests that
the number of half cycle sine pulse in the velocity time history might be associated
with the number of asperities in a fault. From the point of view of ground motion
prediction, this implies that prediction of number of significant velocity pulses in a
given earthquake is associated with the determination of slip distribution in the
causative fault. This is difficult to estimate a priori [6]. There are no models cur-
rently available for predicting the number of significant pulses in the velocity time
history. For most, number of pulses will vary between 1 and 3, with number of
pulse equal to 2 being a good general value to use in seismic evaluation [32]. In this
work assumed number of significant pulse equal to 2 (i.e. one full cycle of pulse
type ground motion).

(c) Phase Angle and Epoch of Envelope’s Peak

Table 1 Seismological source parameters for simulation of scenario earthquake

Input parameters Values

Moment magnitude 6.0

Distance (km) 20

Crustal density (kN/m3) 2.85

Rupture velocity (km/sec) 3.6

Path properties Q(f) = Qoexp(f) 800f 0:42

Geometrical spreading G Rð Þ ¼ R�1 for R�Rx

G Rð Þ ¼ RRxð Þ�1=2 for R[R

Partition factor 0.71

Radiation factor 0.55

Free surface factor 2.0

fmax 50

ΔσG, ΔσL (bars) 60, 180
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From literature, it is not clear that what value should be assumed for phase angle
(ν) and epoch of envelope’s peak (t0) to simulate the long period velocity pulse. In
order to study the effect of ν and t0 a sensitivity analysis is carried out. The
parameters amplitude, pulse period and number of pulse value kept constant in
sensitivity analysis. The parameters values for ν and t0 are taken as 150°, 235° and
0.7, 1.5 s respectively. Fifteen random time histories are generated for each ν and t0
values and response spectrum is computed. The mean of response spectrum com-
puted for each ν and t0 value are shown in Fig. 1. It is found that the variation in
response spectra for different t0 and ν is negligible. From the analysis it is clear that
t0 and ν do not affect the simulation of ground motion with long period pulse.

To generate near fault ground motion, the high frequency ground motion is
combined with long period velocity pulse. The input parameters for long period
velocity pulse are given in Table 2. The procedure for combined the high frequency
and low frequency ground motions adopted from Mavaroedis and Papageorgiou
[17] are given below and shown in Fig. 2.
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Fig. 1 Comparison of response spectra for a phase angle (υ) and b epoch of envelope’s peak (t0)

Table 2 Input parameters of
long period velocity pulse Parameters Value

Magnitude 6.0

Amplitude (cm/s) 55.77

γ 1

υ 160

t0 1.3
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1. Select the moment magnitude (Mw) of the potential earthquake and calculate the
prevailing frequency (fp). For selected values of the parameters A, γ and υ,
generate the long period component of acceleration time history.

2. For the selected fault-station geometry, generate the synthetic acceleration time
histories for the moment magnitude, specified previously.

3. Calculate the Fourier transform of the synthetic acceleration time histories
generated in steps 1 and 2.

4. Subtract the Fourier amplitude spectrum of the synthetic time history generated
in step 1 from the Fourier amplitude spectrum of the synthetic time history
produced in step 2.

5. Construct a synthetic acceleration time history so that (a) its Fourier amplitude
spectrum is the difference of the Fourier amplitude spectra calculated in step 4;
and (b) its phase coincides with the phase of the Fourier transform of the
synthetic time history generated in step 2.

6. Superimpose the time histories generated in step 1 and 5. The near source pulse
is shifted in time so that the peak of its envelope coincides with the time that the
rupture front passes in front of the station.

Finally, the acceleration time history and response spectrum for 5 % damping
with long period velocity pulse for Mw 6.0 are shown in Fig. 2 (6 and 8). In Fig. 3,
response spectra (with and without long period pulse) are compared and the effect
of long period pulse observed at 0.8–2.0 s. From literature [1, 4, 9, 13] it found that
strong ground motion with long period pulse can increase the seismic demand (base
shear, storey drift, ductility) on the medium and high rise building. The width of the
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pulse larger than the natural period of the structure can cause more damage. If
building site lying along the direction of fault rupture then forward directivity will
cause long period velocity motion which may lead to higher damage to building.

5 Conclusions

A methodology is proposed to simulate ground motion with long period velocity
pulse in Delhi region. If the site lies along the forward directivity rupture direction
then the ground motion with long period velocity pulse increases the seismic
demand on the mid-rise and high rise building. The seismic demand from Mw 6.0
earthquake with long period pulse can affect the structure having time period range
between 0.8 and 1.5 s at bedrock level. The earthquake of Mw 6.0 with long period
velocity pulse from local sources is likely to be more destructive.
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Interaction Analysis of Space Frame-Shear
Wall-Soil System to Investigate Forces
in the Columns Under Seismic Loading

D.K. Jain and M.S. Hora

Abstract The phenomenon of soil-structure interaction greatly affects the design of
RC shear wall building frame resting on a deformable soil. In the present work, a
G + 5 RC shear wall building frame (4 × 3 bays and 6 storeys) having open
foundation (isolated footings) and resting on deformable soil is considered, to
investigate axial force and bending moments in the columns. The 3-D interaction
analysis is carried out using finite element software ANSYS. The superstructure and
soil are considered to follow linear stress-strain relationship. The interaction anal-
ysis is carried out under various combinations of seismic loading as per IS-1893
(Part I): 2002. It is found that interaction phenomenon causes significant redistri-
bution of forces in the superstructure. The governing bending moments in the
bottom columns, along the direction of seismic loads, are increased many times as a
result of soil-structure interaction as compared to the conventional non-interaction
analysis.

Keywords Soil-structure interaction � Finite element analysis � ANSYS � Space
frame � Shear wall � Linear elastic analysis � Column forces � RC framed building

1 Introduction

The conventional structural analysis of a RC space frame is carried out assuming
foundation resting on unyielding supports. The analysis is carried out by consid-
ering bottom end of the columns fixed and neglecting the effect of soil deforma-
tions. In reality, deformations take place in soil, which are transferred to the
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structure due to soil-structure interaction, causing redistribution of forces and
moments. In the present work, 3-D soil-structure interaction analysis has been
carried out for a six storey RC framed building with isolated footings and shear
walls (oriented along the direction of seismic loads) under normal as well as seismic
loads using finite element software ANSYS. The analysis has been carried out
considering superstructure and soil to follow linear stress-strain relationship. Vari-
ous combinations of dead, live and seismic loads are considered as per IS-1893
(Part-I): 2002 [6]. The model is easily extendable to any configuration of space
frame and shear wall as full 3-D space frame is considered for analysis. The results
of linear interaction analysis (LIA), are evaluated to investigate the axial forces and
moments in the columns.

2 Review of Literature

Several studies have been carried out in the past by many researchers to understand
the soil-structure interaction effect on building frames and foundations and
important conclusions have been drawn. The building frame as well as soils were
approximated or idealised in various ways in most of the research work. Earlier
research postulated 2-D idealisation of structure and soil, whereas, during recent
few years, 3-D soil-structure interaction analysis with more realistic idealisation has
been witnessed. Yet, the soil structure interaction effect has not widely been pen-
etrated from research to design offices owing to modelling and analysis complex-
ities involved.

Noorzaei et al. [8] studied soil-structure interaction analysis of a plane frame-
combined footing-soil system. Arlekar et al. [1] conducted an analytical study on
moment resisting RC frame building, with open first storey and brick masonry in
the upper storey, with isolated column footings resting on medium soil. Stavridis
[10] presented simplified analysis approach for layered soil-structure analysis on an
arbitrary structure. Dutta et al. [4] studied the response of low-rise buildings under
seismic ground excitation incorporating soil-structure interaction. Natarajan and
Vidivelli [7] examined the influence of column spacing on behaviour of a space
frame raft foundation soil system under static loading using ANSYS software.
Atefatdoost [9] examined the effect of soil structure interaction on torsional
response of asymmetrical wall type systems. Hora [5] carried out interaction
analysis of a three-bay three-storey RCC space frame-footing-strap beam-soil
system using ANSYS finite element code.

Usually in design offices full 3-D analysis of structures is carried out for all
important RC framed buildings. Likewise a full 3-dimensional soil-structure-
interaction analysis is needed to capture the effect of interaction on the structure for
directly incorporating the same into the design. Present study is an effort in that
direction in which a full 3-D soil-structure interaction effect is investigated on axial
forces and moments in the bottom columns of a 6-storey RC framed building with
shear walls.
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3 Problem Under Investigation

A six storey RCC framed building with shear walls and isolated footings resting on
homogeneous soil mass has been considered in this study. The building consists of
4 bays in X-direction and 3 bays in Y-direction. For resisting lateral forces a dual
system, consisting of special moment resisting frames (SMRF) and reinforced
concrete shear walls, is considered. The shear walls are provided on outer frames
along Y-direction i.e. the assumed direction of lateral seismic forces. The plinth
beams are also provided. Such types of buildings are very common in urban areas.
The space frame, shear walls and the soil mass are considered as a single com-
patible structural unit for the interaction analysis. The complete details of the
problem under investigation are shown in Fig. 1a, b. The building is considered to
be situated in seismic zone V of India. For the present analysis, super-structure,
foundation, as well as soil are considered to behave in linear elastic manner.

Fig. 1 a Plan of the Multi-Storeyed Space Frame with shear wallShear wall. b Sectional Elevation
at section A-A
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The geometrical properties of space frame-shear wall-soil system are provided in
Table 1.

The elastic modulus of soil is taken as 14.78 N/mm2 as per tri-axial test results
reported in literature [3]. The material properties of concrete and soil are provided
in Table 2.

The building is considered to be an institutional building. The live loads are
considered as per IS 875 (Part II):1987. The live loads of 4 KN/m2 on floors and
1.5 KN/m2 on roof are considered. The brick masonry wall on outer periphery of
the building and parapet wall on roof is also considered. Besides self-weight of
various structural elements, dead load of floor finish is considered as 1 KN/m2 and
dead load of water proofing on roof is considered as 2.5 KN/m2.

For seismic load calculations, equivalent static lateral force method is used as per
IS 1893 (Part I): 2002. The parameters used for seismic load calculations are given
in Table 3.

4 Finite Element Modelling

The finite element modelling and analysis of the problem is achieved using ANSYS
software which has wide variety of elements and material models suited for the
problem under consideration.

Table 1 Geometric
parameters of space
frame-shear wall-soil system

Parameter Value

Slab thickness 200 mm

Beam size 300 × 500 mm

Column sizes

(i) Foundation to 3rd floor 500 × 500 mm

(ii) 3rd floor to 6th floor 400 × 400 mm

Shear wall thickness 200 mm

Footing size below column 3 × 3 × 0.5 m

Footing size below shear wall 3 × 9 × 0.5 m

Semi-infinite extent of soil mass 100 × 100 × 25 m

Table 2 Material properties
of concrete and soil Property Value

Grade of concrete for all structural elements M25

Modulus of elasticity of concrete (N/mm2) Ec = 5,000√fck
Poisson’s ratio of concrete 0.15

Density of concrete 25,000 N/m3

Elastic Modulus of soil 14.78 N/mm2

Poisson’s ratio of soil 0.35
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The beams and columns are modelled in ANSYS using its advanced line element
Beam4 (3D Elastic Beam) having two nodes with 6 degrees of freedom at each
node, slabs and shear walls are modelled using four node Shell63 (Elastic Shell)
element having six degrees of freedom at each node, foundations and soil mass are
modelled using SOLID45 (3D Structural Solid) element defined by eight nodes
having three degrees of freedom at each node. Adopting same element type for
foundation and soil mass enables better contact modeling between foundation and
soil mass.

Surface to surface contact is established between foundation bottom area and soil
using ANSYS surface to surface contact elements CONTA174 and TARGE170.
The contact problems are highly nonlinear and require significant computer
resources to solve. Except contact, the whole analysis of the structure and soil mass
is considered linear elastic in the present problem. Under contact basic properties,
behavior of contact surface is chosen as ‘standard’, which allows sliding as well
as lifting of foundations. Coefficient of friction between concrete and soil is taken
as 0.5.

4.1 Extent of Soil Mass

The soil mass is considered to be made up of homogeneous linear elastic isotropic
material. Usually bed rock is encountered at most of the sites at varying depth from
ground level. It is assumed that bed rock is encountered 25 m below top of soil in
the present case. Horizontal stretch of 100 m × 100 m is kept for the soil mass
which is achieved through numerous trial runs to ensure that the displacements and

Table 3 Parameters for lateral seismic load calculation on the structure

Parameter Value

Earthquake zone V

Zone factor ‘Z’ 0.36

(Table 2 of IS 1893 (Part I): 2002)

Importance factor ‘I’ 1.5

(Table 6 of IS 1893 (Part I): 2002)

Response reduction factor ‘R’ 5.0

(Table 7 of IS 1893 (Part I): 2002) (Ductile shear wall with SMRF)

Approximate fundamental natural period of vibration (Ta) 0.728 s

Ta = 0.075 h0.75 = 0.075 (20.7)0.75 = 0.7278452

(as per clause 7.6.1 of IS 1893 (Part I): 2002)

Average response acceleration coefficient (Sa/g) 1.8685

Sa/g = 1.36/Ta

(for soil for 5 % damping, as given in Fig. 2 of IS 1893 (Part I): 2002, for the natural
period Ta of 0.7278452 s)
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stresses in the soil reduces to negligible values at the boundaries. Thus, soil par-
ticipating volume of 100 m × 100 m × 25 m is kept, which is sufficient to capture
the dominant effect of soil-structure-interaction of the problem under consideration.

4.2 Meshing and Mesh Optimization

The extensive mesh refinement is achieved for the superstructure as well as for the
soil mass. Several trial analyses were conducted to observe the effect of increasing
number of mesh division on the maximum deflection and the maximum stresses in
the structure and the soil. Finer meshing consumes enormous amount of computing
time and coarser meshing results in values far away from converged values. Opti-
mised meshing is found to get converged results with minimum of computing time.
Finally, the mesh size of 500 mm is adopted for beams, slabs and shear wall resulting
in 12 divisions for beams and shear wall and 12 × 13 divisions for slabs. For the
columns 12 mesh divisions are found appropriate. The foundation mesh size is kept
as 500 mm. The mesh sizes of 500 mm is adopted below and around the building
which maps the foundation and soil most efficiently and gives better converged
results. The graded meshing is adopted beyond building area in increasing order of
size and by several trial and error, mesh size giving optimized converged results with
least processing time is achieved, as depicted in Fig. 2(a), (b).

The vertical displacement (Uz) is restrained on soil bottom as bed rock is
assumed to be encountered at this location. The side boundaries of soil are con-
sidered to be restrained laterally (i.e. horizontal displacement (Ux) is restrained on
boundaries perpendicular to X-direction and horizontal displacement (Uy) is
restrained on boundaries perpendicular to Y-direction).

Fig. 2 Finite element discretization of space frame-shear wall- soil system. a Complete system
b space frame-shear wall-system
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5 Linear Interaction Analysis

For the space frame-shear wall-soil system, the linear interaction analyses (LIA) is
carried out assuming the structure, shear wall and soil to act as a single compatible
structural unit and to behave in linear elastic manner. The non-interaction analysis
(NIA) is also carried out for comparison of the results.

For each of the above analyses, following combinations (Table 4) of dead load
(DL), live load (LL) and seismic load (EL) are considered as per Clause 6.3.1.2 of
IS 1893 (Part I): 2002.

The seismic load (EL) is applied in the Y-direction. Positive sign of seismic load
shows that it is applied from front and negative sign shows that it is applied from
back i.e. from opposite direction.

6 Result and Discussion

The results of non-interaction analysis (NIA) and linear interaction analysis (LIA)
are compared to investigate following forces and moments in the columns below
plinth level;

• Axial force (Fz)
• Bending moment about X-axis (Mx) (i.e. along direction of seismic loads)

Results are tabulated for columns in one quarter portion of the structure
(i.e. columns C1, C2, C3, C6, C7 and C8) owing to the symmetry.

6.1 Axial Force (Fz) in Columns Below Plinth Level

Table 5 shows the comparison of axial force Fz in columns for NIA and LIA
systems. The load case LC1 causes decrease in axial force in the inner columns and
increase in the outer columns, except for the shear wall boundary column C6, due to
the interaction effect. In columns other than C6, the maximum increase of nearly
50 % is found in the column C1 and the maximum decrease of nearly 25 % is found

Table 4 Load Combinations
Load case no. Designation Load combination

1 LC1 1.5(DL + LL)

2 LC2 1.2(DL + LL + EL)

3 LC3 1.2(DL + LL-EL)

4 LC4 1.5(DL + EL)

5 LC5 1.5(DL-EL)

6 LC6 0.9DL + 1.5EL

7 LC7 0.9DL-1.5EL
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in the column C7. In the shear wall boundary column C6, an increase of nearly
83 % is found, below plinth level. Under various combinations of seismic loads,
interaction effect causes decrease in axial forces in the inner columns and increase/
decrease in axial forces in the outer columns. The maximum increase of nearly
70 % takes place in the corner column C1 and the maximum decrease of nearly
27 % takes place in the column C2.

Behaviour of the boundary columns of shear walls (C6) below plinth level is
quite different under seismic loads. Non interaction analysis causes tension (lifting)
in C6 under seismic loads and excessive compression when direction of seismic
loads is reversed. The interaction effect significantly relieves these forces. The
change in nature of forces from tension to compression is found. The maximum
decrease of nearly 70 % is found in the compressive force.

Figures 3 and 4 shows axial forces in the columns below plinth level for vertical
loads (load case LC1) and seismic loads (load cases LC4 and LC5) respectively, for
the space frame-shear wall-soil system.

Fig. 3 Axial forces in columns below plinth level in space frame-shear wall-soil system under
vertical loads (load case LC1) for NIA and LIA analyses

Fig. 4 Axial forces in columns below plinth level in space frame-shear wall-soil system under
seismic loads (load case LC4 and LC5) for NIA and LIA analyses
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6.2 Bending Moment Mx in Columns Below Plinth Level

Table 6 shows comparison of bending moment Mx in the columns below plinth level
for NIA and LIA systems. Interaction effect results in increase of the governing
values of Mx in the columns below plinth level under all the load cases. Under
vertical loads i.e. load case LC1, this increase ranges from nearly 3 times (for
columns C8 and C13) to nearly 24 times (for columns C3 and C18). Under various
combinations of seismic loads, the increase ranges from nearly 6 times (for columns
C8 and C13) to nearly 12.5 times (for column C6, C10, C11 and C15). Thus there is
highly significant increase in the governing values of Mx due to the interaction effect.

7 Conclusions

Some significant research findings emerged from the study are summarised as
follows;

1. The soil-structure interaction on deformable soil results in significant redistri-
bution of forces and moments in the columns of the space frame-shear wall
system. The design may not be realistic if this effect is overlooked.
Under vertical loads, interaction effect causes decrease in axial forces in the
inner columns and increase in axial forces in the outer columns for columns
below plinth level. Under various combinations of seismic loads, decrease in
axial forces in the inner columns is found due to interaction effect. Other col-
umns are subjected to increase as well as decrease in axial forces under different
combinations of seismic loads.

2. The seismic forces cause compression/tensions in the columns below plinth
level and reversal in the nature of forces is found when direction of seismic
forces is reversed. Interaction reduces this effect significantly and provides more
stability to the structure.
Seismic forces cause tension in one side boundary columns of the shear walls
and excessive compression in the other side boundary columns under non-
interaction analysis, for columns below plinth level. The interaction effect sig-
nificantly relieves these forces. The change in nature of forces from tension to
compression is found. Excessive compression is also decreased significantly.

3. The governing bending moments along the direction of seismic loads (Mx) are
increased many times in all the bottom columns as a result of soil-structure
interaction as compared to conventional non-interaction analysis. Columns of
shear wall-space frame, designed on the basis of conventional analysis may,
therefore, be vulnerable, on deformable soil. Interaction effect also causes
reversal of sign of moments in various columns under many load cases.

4. The proposed methodology can be effectively used to evaluate the forces and
moments in the superstructure for multi-storey space frame-shear wall-soil
system for better and efficient building design.
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Seismic Performance of Buildings Resting
on Sloping Ground

R.B. Khadiranaikar and Arif Masali

Abstract This study summarizes the knowledge in the seismic response of
buildings on hill slopes. The dynamic response of the structure on hill slope has
been discussed. A review of studies on the seismic behaviour of buildings resting
on sloping ground has been presented. It is observed that the seismic behaviour of
buildings on sloping ground differ from other buildings. The various floors of such
buildings step backs towards hill slope and at the same time buildings may have
setbacks also. Most of the studies agree that the buildings resting on sloping ground
has higher displacement and base shear compared to buildings resting on plain
ground and the shorter column attracts more forces and undergo damage when
subjected to earthquake. Step back building could prove more vulnerable to seismic
excitation.

Keywords Seismic performance � Sloping ground � Step back building �
Step back set back building

1 Introduction

The scarcity of plain ground in hilly areas compels construction activity on sloping
ground resulting in various important buildings such as reinforced concrete framed
hospitals, colleges, hotels and offices resting on hilly slopes. The various floors of
such buildings step back toward the hill slope and at the same time building may
have setback also, as shown in Fig. 1. Due to the varied configurations of buildings
in hilly areas, these buildings become highly irregular and asymmetric, due to
variation in mass and stiffness distributions on different vertical axis at each floor.
Such construction in seismically prone areas makes them exposed to greater shears
and torsion as compared to conventional construction. Further, due to site condi-
tions, buildings on hill slope are characterised by unequal column heights within a
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story, which results in drastic variation in stiffness of columns of the same storey.
The short, stiff columns on uphill side attract much higher lateral forces and are
prone to damage. As per IS 1893: (part 1) 2002, different vertical irregular con-
figurations of buildings have been defined, as shown in Fig. 2. Which are stiffness
irregularity (soft storey), mass irregularity, vertical irregularity (set back).

2 Review of Papers on Buildings Resting
on Sloping Ground

Birajdar and Nalawade [1] studied seismic performance of buildings resting on
sloping ground. They considered twenty four RC building frames with three dif-
ferent configurations as Step back building, Step back Set back building and Set
back building situated at a slope of 27° with the Horizontal. They studied the
seismic response of buildings with varying storey level ranging from 4 to 11
(15.75–40.25 m), consist of three bays along slope direction and one bay across
slope, located in seismic zone III. They carried out 3D analysis including torsional
effect by using Response spectrum method. They observed that there is a linear

Fig. 1 a Step back building, b step back set back building

Fig. 2 a Stiffness/strength irregularity, b mass irregularity, c vertical geometric irregularity or set
back, d in-plane discontinuity in vertical elements resisting lateral force when b > a
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increase in the value of top storey displacement and fundamental time period as the
height of building increases. From comparison they found that, this increase in top
storey displacement and fundamental time period as the height of step back building
increases is higher than step back set back building, as shown in Fig. 3a, b. From
their study it is observed that the shear force in the column towards extreme left is
significantly higher as compared to rest of the columns, in case of step back
building it is found to be 55–250 % more than step back set back building. Thus
they conclude that extreme left column at ground level, which are short are the
worst affected and step back building could prove more vulnerable during seismic
excitation than other type of configuration. They observed in step back buildings,
the uneven distribution of shear force in the various frames suggests development
of torsional moment due to static and accidental eccentricity.

Nagargoje and Sable [2] studied seismic performance of buildings on hill slope.
They carried out 3D space frame analysis to study dynamic response of the
buildings, in terms of base shear and top floor displacement. A parametric study
was carried out on thirty six buildings with three configurations as step back, step
back set back and set back buildings located in seismic zone III. Biradar and
Nalawade [1] studied seismic performance of hill buildings by considering story
level up to 11, however in this paper the study is carried out by considering storey
level ranging from 4 to 15 (15.2–52.6 m). They found that the storey displacement
of step back buildings is quite high as compared to step back—set back buildings,
as shown in Fig. 4. They observed that the base shear induced in step back set back
buildings is higher in the range of 60 and 260 % than set back building. They
suggested step back set back buildings may be favoured on sloping ground.
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Singh et al. [3] studied seismic behaviour of buildings located on slopes. An
analytical study is carried out on buildings considered, by using linear and non
linear time history analysis. They considered 9 storey buildings, which include step
back building at a slope of 45° with the horizontal, a RC frame located on steep
slope/vertical cut which was not considered in previous studies, in which founda-
tions are provided at two levels, at base downhill and at the road level, to compare
the behaviour, they considered buildings resting on flat ground with 3 and 9 storeys.
All buildings are located in seismic zone IV, consist of seven bays along slope and
3 bays across the slope. They have analysed buildings for a set of five ground
motions, as shown in Table 1, which is taken from strong motion database of pacific
Earthquake Engineering Research Centre. It is observed that, in all buildings on
sloping ground, storey shear is resisted by short column. The effect of torsion
irregularity in the building configuration can be represented by the ratio of maxi-
mum to average inter storey drifts (Δmax/Δavg) in a storey. From which they
observed that, in step back building torsion is observed in all storeys denoted as SI.
Whereas torsion is observed in only top storeys of building located on vertical cut
denoted as SII, as shown in Fig. 5. They conclude that the step back buildings are
subjected to significant torsional effects under cross slope excitation. They also
studied the inter storey drifts in the top three storeys of all buildings from which
they observed that the inter storey drifts in the top three storey of hill building are
quite close to those in the 3 storey regular building and the pattern of inter storey
drifts of a storey building differs from other buildings.

Table 1 Earthquake records used in the analysis

S.no. Event Magnitude PGA (g) PGV (cm/s) PGD (cm)

1. 1999 Chi-Chi M7.6 0.266 38.331 38.331

2. 1979 Imperial Valley M6.5 0.289 19.915 10.97

3. 1994 Northridge M6.7 0.249 19.381 6.824

4. 1971 San Fernando M6.6 0.33 56.35 60.017

5. 1995 Kobe M7.2 0.28 16.369 8.067

Fig. 5 Variation of Δmax/Δavg

along height in hill building
configurations and due to
seismic excitation in cross-
slope direction. Note Type S–I
Step back building
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Farooque Patel et al. [4] focused on performance study and seismic evaluation of
RC building on sloping ground. They studied the behaviour of RC frame on sloping
ground with the presence of shear wall with different positions at centre and at
corner and given the performance of structures with shear wall on sloping ground.
A parametric study was carried out on eight storey building which includes a bare
frame, building with shear wall at centre and at corner position located in seismic
zone III. To give comparison they considered models on plane ground. All
buildings consist of 5 bays in both directions. Seismic analysis has been done using
linear static, Response spectrum analysis and evaluated using pushover analysis.
Based on Equivalent static analysis, they found that the buildings with shear wall at
centre and at corner have 41.4, 61.5 % respectively less displacement and based on
Response spectrum analysis, these buildings have 23.6, 38.1 % less displacement as
compared to the bare frame model on sloping ground. From which they conclude:
as the buildings resting on sloping ground has higher displacement, the presence of
shear wall reduces the lateral displacement considerably. Performance point
determined from pushover analysis is the point at which the capacity of structure is
exactly equal to the demand made on the structure by the seismic load. Based on
state of structures at performance point, they observed that the spectral displace-
ment of building on hill slopes have 114–179 % higher than building model on
plain ground in longitudinal direction and also the plastic hinge formation is more
in bare frame model, building with presence of shear wall on sloping ground when
compared to the building on plain ground, which proves that the buildings on hill
slopes are more vulnerable than other buildings. Hence, they conclude that the
performance of buildings on hill slopes suggests an increased vulnerability of the
structure with formation of column hinges at base level and beam hinges at each
story level at performance point. Previous papers have not considered the presence
of shear wall to study the seismic behaviour of hill slope buildings.

Prashant and Jagadish Kori [5] studied seismic response of one way slope RC
frame building with soft storey. In this paper study is focused on the behaviour of
buildings situated on sloping ground with and without infill wall, the influence of
infill wall on buildings situated on sloping ground is presented. Non linear static
pushover analysis is carried out on 10 storey buildings which include bare frame
without infill wall and other model with infill wall including a soft storey building
on sloping ground. All buildings consist of 5 bays along slope direction situated at a
slope of 27° with the horizontal, located in seismic zone III. Building frame system
considered is SMRF. They observed that the time period of bare frame model is
found to be 1.975 s which is almost 96–135 % more than other models with
presence of infill wall. Thus they conclude, this higher value of natural period in
bare frame compared to infill frame ultimately results in underestimation of design
base shear in bare frame model on sloping ground. The abrupt changes in the slope
profile indicates stiffness irregularity, they observed that the displacement in bare
frame model is found to be more because of reduced stiffness compared to other
models with infill wall. They found that the base shear of infill models is almost
250 % more compared to bare frame. It is concluded that the formation of plastic
hinges is more in bare frame model and soft storey building compared to fully
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infilled fames. In this paper study is concentrated on variation of stiffness due to
presence of infill wall and soft storey on sloping ground.

Siddiqui and Vidyadhara [6] carried out seismic analysis of earthquake resis-
tance multi-storey multi bay RC frame. They studied the seismic behaviour of bare
frame model, building with first soft storey (infill wall in upper storeys) with
presence of both infill and shear wall at corner position for which they used 4 bay
twelve storey building situated at a slope of 1:1/3 located in seismic zone V. These
buildings have been analysed using Equivalent static, Response spectrum and
Pushover analysis. Based on Equivalent analysis results they noted that there is
reduction in displacement of models with infill and shear wall at corners with
respect to bare frame model by almost 79.15 and 89.27 % respectively in longi-
tudinal direction and from Response spectrum analysis which are almost 50.95 and
73.97 % respectively. Hence they conclude that the presence of brick infill and
shear wall reduces lateral displacement considerably. It is observed that there is
increased base shear in building with shear wall when compared to bare frame
model, as shown in Fig. 6a. As per IS 1893 part (1) 2002 code, the permissible inter
storey drift is limited to 0.004 times the storey height. In this study they found that
all buildings considered are within permissible drifts, however the inter storey drifts
of bare frame model on sloping ground found to be relatively higher compared to
buildings with infill wall and shear wall, as shown in Fig. 6b. From pushover
analysis, it is observed that the spectral displacement and Roof displacement of bare
frame is higher than building with shear wall at corner. Thus they conclude that the
presence of infill wall and shear wall influences the overall behaviour of structures
when subjected to lateral forces by effectively reducing large joint displacements
found in bare frame, which was also concluded in study done by Farooque Patel
et al. [4].

Babu et al. [7] carried out pushover analysis of various symmetric and asym-
metric structures constructed on plain as well as sloping ground subjected to various

(a)

(b)
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Fig. 6 a Variation of base
shear, b variation of storey
drift. Note 1 Bare frame
building on sloping ground;
2 Building with shear wall
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kinds of loads. They considered various structures in plan symmetry and also
asymmetry with different in bay sizes in mutual direction. On sloping ground they
considered a 4 storey building in which they have taken one storey above ground
level which is situated at a slope of 30° with the horizontal. They found that the
short column lies in the severity level beyond collapse prevention (CP) from
pushover analysis, they obtained displacement and base shear for asymmetric
sloping ground as 104 × 10−3 m and 2.77 × 103 kN respectively. Based on results
they developed pushover curves with displacement on X-axis and Base shear on Y-
axis and have given comparison between various cases they considered. They
observed that the Base shear resisted for maximum displacement up to failure limit
by symmetric structure is 70 % and by asymmetric sloped building is 24 % more
than base shear resisted by asymmetric building on plain ground. They conclude
that the structure with vertical irregularity is more critical than a structure with plain
irregularity.

Ravikumar et al. [8] focused on the study of seismic performance of irregular
configurations of RC buildings in which they studied vertical irregularities of
buildings such as geometric irregularity and buildings resting on sloping for which
two types of configurations were considered as buildings resting on sloped ground
in X-direction and buildings resting on sloped ground in Y-direction. All buildings
consist of 5 bays in X-direction and 4 bays in Y-direction with 3 storey located in
severe zone V. The performance of these buildings was studied by linear analysis
using code IS 1893 (part-1) 2002 and Nonlinear analysis using ATC 40. They
observed that the vulnerability of sloping ground buildings was found to be
remarkable which attracts large force to deform moderately. Base shear of building
on hill slope was found to be 6019.2 kN, which was around 25–55 % more than
other buildings and also displacement was found to be 83.4 mm which was
moderately higher than other buildings. They found that the performance goal was
not achieved of sloping ground buildings in X-direction and in Y-directions this
was achieved after collapse point. Thus they conclude that the buildings resting on
sloping ground are more vulnerable to earthquake than the buildings resting on
plain ground.

Halkude et al. [9] focused on seismic analysis of buildings resting on sloping
ground with varying number of bays and hill slopes. They studied the variation of
time period, base shear and top storey displacement with respect to variation in
number of bays along slope direction and hill slope angle. To study the seismic
behaviour they considered different configurations, as step back building which are
in the range of 4–11 storey and consist of varying bays of 3–6 in X-direction. They
have not studied the seismic behaviour by varying bays along Y-direction, thus they
considered one bay along Y-direction, situated at varying slopes of 16.32°, 21.58°,
26.56° and 31.50° with the horizontal located in seismic zone III. It is observed that,
in all configurations, base shear increases with increase in number of storey,
increases with increase in number of bay and decreases from lower angle to higher
angle of slope as shown in Fig. 7a–c, when compared between different configu-
rations, base shear of step back building is found to be higher than step set back
building. They observed that the time period increases with increase in number of
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storey in all configurations, in step back building time period increases with
increase in number of bays, which is a reverse case in step back set back building in
which time period decreases with increase in number of bay and in all configura-
tions time period decreases with increase in hill slope showing minor change in
time period as shown in Fig. 7d. In all configurations it is observed that the top
story displacement increases with increase in number of storey, displacement is

Fig. 7 a Variation of base shear for step back frame with respective to number of bays, b variation
of base shear for step back set back frame, c variation of base shear for step back frame with
respective to hill slope, d variation of time period for step back frame with respective to number of
bays, e variation of top storey displacement for step back frame with respective to hill slope
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nearly alike for 3 and 4 bays, But, it decreases considerably from 4 to 5 bays and
further increases for 6 bay, as shown in Fig. 7e, with respective to hill slope, they
found that the top storey displacement decreases with increase in hill slope showing
lower value for higher slope. Thus they conclude that the step back frames produce
higher base shear, higher value of time period and higher value of top storey
displacement as compared to step back set back frames. Also they conclude that
greater no of bays are observed to be better under seismic excitation, as number of
bays increase time period and displacement decreases.

During the course of this Review, it is observed that very few researchers have
studied the seismic behaviour of buildings situated on varying slopes and varying
number of bays along slope direction. Some researchers have suggested suitable
building configuration on sloping ground. Some researchers have studied the
seismic behaviour of hill slope buildings by considering infill wall (soft storey) and
Shear wall. A tabular summary of fundamental time period, Base shear and dis-
placement given by various researchers is presented in Table 2.

3 Conclusions

From the above discussion following conclusions can be made.

1. Step back buildings produce higher base shear, higher value of time period,
higher value of top storey displacement compared to step back set back
building. During seismic excitation Step back building could prove more vul-
nerable than other configuration of buildings.

2. It is observed that, short columns attracts more forces and are worst affected
during seismic excitation. From design point of view, special attention should be
given to the size (strength), orientation (stiffness) and ductility demand of short
column.

3. The hill slope buildings are subjected to significant torsional effects, due to
uneven distribution of shear force in the various frames of building suggest
development of torsional moment, which is found to be higher in step back
building.

4. Many researchers suggested as step back set back buildings may be favoured on
sloping ground.

5. From the study it is concluded that the presence of infill wall and shear wall
influences the behaviour of structure by reducing storey displacement and storey
drifts considerably, but may increase the base shear, hence special attention
should be given in design to reduce base shear.

6. It is concluded that the greater number of bays are found to be better under
seismic condition, as the number of bays increases, time period and top storey
displacement decreases in hill slope buildings.
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Seismic Response Control of Piping
System with Supplemental Devices

Praveen Kumar and R.S. Jangid

Abstract Seismic loads on piping system due to an earthquake can cause excessive
vibrations, which can lead to serious instability resulting in damage or complete
failure. In this paper, passive and semi-active supplemental devices have been
studied to mitigate seismic response and vibration control of piping system used in
the process industries, fossil and fissile fuel power plant. A study is conducted on
the performance of passive and semi-active supplemental devices due to variation in
parameters of devices and/or with different control algorithms of the damper and
subsequently optimum parameter of devices are obtained. The effectiveness of the
passive and semi-active supplemental devices in terms of reduction in the
responses, namely, displacements, accelerations and base shears of the piping
system is investigated by comparing uncontrolled responses under four different
artificial earthquake motions with increasing amplitudes. The analytical results
obtained using Wen’s model are compared with the corresponding experimental
results available which indicated a good match with the proposed analytical pro-
cedure for the X-plate dampers. The analytical results demonstrate that the passive
and semi-active supplemental devices under particular optimum parameters are very
effective and practically implementable for the seismic response mitigation,
vibration control, and seismic requalification of piping systems.
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1 Introduction

Piping systems are considered as the lifeline of industrial units such as process
industries, fossil and fissile fuel power plant. Piping systems are normally installed
on those structures in which acceleration at the location of piping support is higher
than the ground acceleration. Seismic loads, generated in addition to normal load on
piping systems due to earthquakes, can cause excessive vibrations, which can lead
to high stresses resulting in damage or complete failure. Presently, piping system
and mountings are supported by seismic support called snubbers. Moreover,
snubbers are associated with operational problems like oil leakage, inadvertent
locking-up, undesirable load on piping system due to malfunctioning of snubber
and need frequent attention [1, 2]. At the same time, different structural control
methods like passive, active, semi-active, and hybrid control devices also known as
supplemental devices have been successfully implemented in vibrating systems to
reduce structural response due to earthquake and wind loadings [3]. Researchers
had extensively studied supplemental devices for buildings and bridges, but limited
studies are available for possible use in the piping systems. However, simplified
finite element analysis and systematic design procedures for optimal sizing and
placement of these protective devices in 3-D piping system under tri-directional
seismic excitation are needed and same has not been investigated so far.

The passive control of structures has initialized its applications in the lifeline
structures in mid-eighties [4, 5]. In last few decades, special protective systems
based on supplemental energy dissipation [3, 6] have been developed to enhance
safety and reduce damage to the structures during strong ground motions. The
passive supplemental devices [7, 8] consist of damping devices (friction, viscous or
visco-elastic devices), yielding elements (X-plate or triangular metallic plates) or
auxiliary oscillators (tuned mass damper—TMD or Multi-TMDs—MTMDs),
placed strategically in the structural system to reduce its seismic response. Semi-
active control devices do not inject energy into the controlled system, and their
mechanical properties can be adjusted to improve their performance. Changes in the
system’s mechanical properties are based on feedback from measured responses
and/or ground excitation. Since external power is only used to change device’s
properties such as damping or stiffness, and not to generate a control force, power
requirements are very low in the order of tens of watts. Devices in this category
include variable-orifice dampers, variable-stiffness control devices, semi-active
tuned mass dampers, adjustable tuned liquid column dampers and controllable fluid
dampers.

From the literature review, the X-plate damper, fluid viscous damper, visco-
elastic damper, tuned mass damper, and multiple tuned mass dampers as passive
devices and magneto-rheological MR damper, variable friction damper and variable
stiffness damper as the semi-active devices can be used as supplemental devices to
mitigate the seismic response of the piping systems. The performance of these
devices for piping system is studied for four different artificial earthquake motions
with increasing amplitudes. The main objective of the present study is to develop:
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optimum design parameter of the piping system equipped with various supple-
mental devices; optimum parameter of control algorithms for semi-active dampers;
investigate the hysteretic energy dissipation behaviour of the various supplemental
devices; investigate numerically the feasibility and efficiency of supplemental
devices in comparison to uncontrolled piping system; integrated computer program
of the complex 3-D piping systems equipped with supplemental devices.

2 Modelling of Piping System with Damper

Experimental setup of 3-D piping system is shown in Fig. 1. Initially tests were
conducted on 3-D piping system without and with X-plate damper under four
different artificial earthquake motions with increasing amplitude (refer Table 1).
Numerical investigations are then carried out for same piping system without and
with different passive and semi-active supplemental devices and schematic of
piping system with supplemental devices as shown in Fig. 2. Analysis is carried out
using a computer code developed in the MATLAB® 7.0 R14, in which straight
element in the piping system are modeled as 3-D beam and elbows as 3-D curved
beams whose moment of inertia is modified as per American Society of Mechanical
Engineers (ASME) codes and having six degrees-of-freedom at each node. The
mass of each member is assumed to be distributed between its two nodes as a point
mass. In addition to the mass of the piping system, the externally lumped masses
are assumed to be effective in the three translational degrees-of-freedom. The
dampers attached to the piping system in various combinations during analysis are:
vertical, horizontal and both vertical and horizontal. Responses are obtained using
Newmark’s step-by-step time-integration technique. The responses evaluated are
displacements, accelerations and support reactions/base shears of piping system.
Seismic energy dissipation in the piping system was governed by the hysteretic
characteristics of damper which is also evaluated. The fundamental frequency and
model mass participation factor is also evaluated.

3 Governing Equations of Motion

The equations of motion of the piping system attached with supplemental devices,
and subjected to earthquake motion, are expressed in the following matrix form:

M½ � u
::� �þ C½ � _uf g þ K½ � uf g þ C½ � Ff g ¼ � M½ � Kf g ug

::� � ð1Þ

uf g ¼ x1; y1; z1; hx1; hy1; hz1; x2; y2; z2; hx2; hy2; hz2; . . .;
�

xN; yN; zN; hxN; hyN; hzN
�T

ð2Þ
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ug
:: ¼ xg

::
yg
::

zg
::� �T ð3Þ

where [M], [C], and [K] represent the mass, damping, and stiffness matrix,
respectively; u

::� �
; _uf g, and {u} represent acceleration, velocity, and displacement

vectors, respectively; [Γ] is the location matrix for the restoring force of damper;
{F} is the vector containing the restoring force of damper; {Λ} is the influence
coefficient vector; ug

::
is the vector of earthquake ground accelerations; xg;

::
yg
::
and zg

::

are the earthquake acceleration along X-, Y-, and Z-directions, respectively; xi, yi,, zi
are the displacements and θxi, θyi, and θzi are the rotations of the ith node in the
piping system in X-, Y-, and Z-directions, respectively.

Fig. 1 Experimental setup of piping system with XPDs

Table 1 Peak ground acceleration of different artificial earthquake motion

Artificial earth-
quake
motions

Peak ground acceleration (m/s2) Earthquake
duration (s)x-component y-component z-component

TH10 2.38 2.15 1.88 33.50

TH20 4.85 4.15 3.22 33.64

TH30 7.17 6.31 4.91 33.68

TH40 10.01 8.65 6.25 33.89
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4 Numerical Study of Piping System with Passive Devices

Passive supplemental devices investigated are X-plate damper (XPD), fluid viscous
damper (VD), visco-elastic damper (VED), tuned mass damper (TMD), and mul-
tiple tuned mass dampers (MTMD). The fundamental frequencies of four modes
with different location of XPD and without XPD in the piping system are listed in
Table 2. The analytical results of XPDs are compared with those from experimental
results and it is observed that they are in very close agreement. Later, it is observed
from Fig. 5 that there are significant reduction in responses such as displacement,
acceleration, and support reaction in the range of 47−67 %, 48−53 %, and
48−63 %, respectively for the piping system with XPDs in Z-direction at node 18.
The energy dissipated in the hysteresis loops increases as the base acceleration
increases from TH10 to TH40. The parametric study of damper parameters (i.e.
height, width, and thickness of the XPD) is also investigated under the earthquake
motions to find the optimum design XPDs.

The optimum design parameters of fluid viscous and visco-elastic dampers are
obtained for the same the piping system attached with both vertical and horizontal
dampers under tri-directional earthquake excitations. The seismic response of the
piping system is investigated by comparing the response of the controlled piping
system with the uncontrolled piping system. It is observed from Fig. 5 that there are
significant reduction in responses such as displacement, acceleration and support
reaction in the range of 45−50 %, 48−50 %, and 25−39 %, respectively for the
piping system with VD in Z-direction at node 18. It is also observed from Fig. 5 that
there are significant reduction in the displacement, acceleration and support reaction
in the range of 53−57 %, 51−52 %, and 38−40 %, respectively for the piping
system with VED in Z-direction at node 18. The inherent modal damping in the
piping system in the fundamental mode, which was initially 1.2 %, is increased to
8.98 and 6.87 % in the piping system with fluid VD and VED, respectively.
Response reduction in the VED is slightly better than VD this is because of the
additional stiffness property in the VED.

Damper 

D1-Vertical damper 
D2-Horizontal damper

Fig. 2 Schematic of piping
system with passive dampers
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The effectiveness of auxiliary oscillators i.e. tuned mass damper and multiple
tuned mass damper for response reduction of the piping system is investigated. It is
observed that there exist design parameters or optimum parameters of the TMD and
MTMD systems for which minimum response of the piping system is obtained. The
design parameters of the TMD system [9] are obtained for seven values of damping
ratios of the main system (i.e. ns ¼ 0; 0:01; 0:02; 0:03; 0:05; 0:075, and 0.1) for
different mass ratios in the range of 0.005−0.1 at an interval of 0.005. One TMD is
designed for damping the first mode of the piping system, which has maximum
mass participation. Similarly, number of TMDs in MTMD as 2, 4, and 7, and are
designed for reducing the steady state responses in the piping system. It is observed
that the inherent modal damping in the piping system in the fundamental mode,
which was initially 1.2 %, is increased up to 6.14 %.

Figure 3 shows the displacement-time variation at D1 for the piping system with
both vertical and horizontal XPD under earthquake motion, TH20. Figure 4 shows
the force-deformation variation loops at D1 for the piping system with both vertical
and horizontal passive devices under earthquake motion, TH20. It is observed from
the loops that good amount of energy is absorbed by the dampers under earthquake
motion. Further, it is observed from Fig. 5 that XPD, VD, and VED are very
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Fig. 3 Displacement-time variations at D1 for the piping system with vertical and horizontal XPD
under earthquake motion, TH20
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effective in reducing the seismic response of the piping system. However, TMD and
MTMD are relatively less effective than above passive devices in reducing the
seismic response of piping system.

5 Modeling, Control Law and Numerical Study of Piping
System with Semi-active Devices

Semi-active supplemental devices investigated are MR damper, variable friction
damper and variable stiffness damper. Semi-active control systems are typically
highly non-linear. One of the main challenges in semi-active control is to develop
an appropriate control algorithm. Also, modeling of the control devices is essential
for the adequate prediction of the behavior of the piping system. The schematic of
the piping system with semi-active supplemental devices and the mathematical
models of semi-active dampers are shown in Figs. 6 and 7, respectively.

The modified Bouc-Wen model [10] is considered for the MR damper. Here, two
versatile and effective control algorithms are selected in the current study and these
are; the Bang-bang controller and the Lyapunov controller. The governing equation
of the force predicted by this model is
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Material = SA106 Gr. B; 
OD of pipe = 89 mm; 
Pipe thickness = 5.5 mm; 
Elbow radius = 89 mm; 
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Pressure inside pipe = 230 kg/cm2; 
Semi-active dampers at D1 and D2 
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Fig. 6 Schematic diagram of piping system with semi-active dampers and control feedback
system
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Fig. 7 Mathematical model of semi-active dampers (a) MR Damper, (b) Variable Friction
Damper, (c) Variable Stiffness Damper
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fd ¼ cv1 _yþ ka1 xd � x0ð Þ ð4Þ

where cvi is viscous damping at lower velocity in the model to produce the roll-off;
ka1 is the accumulator stiffness; xd is the damper displacement; x0 is the initial
displacement of spring; _y is the velocity across the damper. The damper force
increases with increasing magnetic field and depends on the input command volt-
age. The response of the MR damper depends on the local motion of the piping
system and also on the maximum input command voltage to the current driver.
Hence, it is important to know the optimum input command voltage, so that
resulting MR damper force in a piping system causes optimum reduction in the
piping responses. Kumar et al. [11]. studied the response of piping system with the
MR damper under tri-directional seismic excitation. To obtain the optimum input
command voltage a parametric study is conducted in the range 0−2.25 V, keeping
all other parameters of the MR damper constant. The variation of voltage is plotted
with peak displacement, absolute acceleration, base shear, and peak control forces
to obtain the optimum input command voltage under different earthquake motions.
It is observed that, the command voltage plays an important role in the response of
the piping system. It is observed from Fig. 10 that there are significant reduction in
responses such as displacement, acceleration, and base shear in the range of
69−88 %, 57−73 %, and 39−45 %, respectively for the piping system with the MR
dampers in Z-direction at node 18 under the different earthquake motions. Force-
deformation, velocity-displacement, and FFT amplitude behaviours of the piping
system with MR dampers under different control algorithms are also studied.

In semi-active variable friction damper (SAVFD), predictive control algorithm
[12] with direct output feedback concept is considered. In predictive control
algorithm, predicting the critical friction force is dependent on the optimal gain
multiplier. Thus, the control force vector when all the dampers are brought into slip
state is given by,

F t½ � ¼ a Gzz t� 1½ � þ GuF t� 1½ � þ Gw ug
::
t� 1½ �� � ð5Þ

The factor α is a ratio of damper force to critical friction force and also α is
treated as gain multiplier. The matrices Gz, Gu, and Gw are the control gains.
A parametric study is conducted by variation of gain multiplier in the range 0−0.99.
It is observed that, the gain multiplier plays an important role in the response of the
piping system. It is observed from Fig. 10 that there are significant reduction in
responses such as displacement, acceleration, and base shear in the range of 93.5
−94 %, 89.3−90.4 %, and 61.4−66.5 %, respectively for the piping system with the
SAVFD in Z-direction at node 18 under the different earthquake motion. Force-
deformation, velocity-displacement, and FFT amplitude behaviours of SAVFD
under control algorithms are also studied.

In semi-active variable stiffness damper (SAVSD), the recently proposed
switching control law [13] is considered in which its performance is based on the
information of structural displacement and velocity. As velocity sensors are not
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commonly used, it is difficult to implement this simple control logic. Hence, to
overcome this problem, a modified switching control law is proposed. The damper
force (fdi) at ith location is calculated as

fdi ¼ Kdivsi�xi ð6Þ

where Kdi is the ðn� nÞ effective stiffness matrix for SAVSD installed in the ith
damper location, in which Kdi is zero, except for Kdiði� 1; iÞ ¼ �khi; �xi is the drift
at location of damper; and vsi is based on switching control law for the SAVSD
installed in the ith location. Here, the effects of optimal damper stiffness ratio based
on the different configurations of damper placement under different earthquake
motions are investigated. The damper stiffness ratio, (ak) is defined as the ratio of
effective stiffness of damper device ðkdiÞ to stiffness of pipe connected to the
damper devices (kdi). Kumar et al. [14] studied the response of piping system with
SAVSD under tri-directional seismic excitation. Parametric study is conducted for
variation of ak in the range 0−0.06 and it is observed that the parameter ak plays an
important role in the piping system responses. It is observed from Fig. 10 that there
are significant reduction in responses such as displacement and base shear in the
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range of 78−79.2 % and 37.4−40.6 %, respectively for the piping system with the
SAVSD in Z-direction at node 18 under the different earthquake motions. Force-
deformation, velocity-displacement, and FFT amplitude behaviours of the SAVSD
under different control algorithms are also studied.

Figure 8 shows the displacement-time variation at D1 for the piping system with
both vertical and horizontal MR dampers under earthquake motion, TH20. Figure 9
shows the force-deformation variation loops at D1 for the piping system with both
vertical and horizontal semi-active devices under earthquake motion, TH20. It is
observed from the loops that good amount of energy is absorbed by the dampers
under earthquake motion. Further, it is observed from Fig. 10 that semi-active
dampers are very effective in reducing the seismic response of the piping system.
However, semi-active variable friction dampers are relatively more effective than
other two semi-active devices in reducing the seismic responses of piping system.

6 Conclusions

Based on the investigation carried out in this study on seismic control of the piping
system, the following conclusions are drawn:

(1) It is seen that passive and semi-active supplemental devices are very effective
in reducing the seismic response of piping system.
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(2) Hysteresis loops indicate that good amount of seismic energy is absorbed by
these supplemental devices.

(3) There exist design parameters of the supplemental devices, which when
adopted for designing the supplemental devices attached to the piping system
produce minimum responses of the piping system.

(4) Natural frequency of the piping system increases with XPD and VED
whereas in case of the fluid viscous damper it is unaffected.

(5) Inclusion of fluid viscous and visco-elastic dampers in the piping system
significantly increases the modal damping of the piping system.

(6) The response of the piping system decreases with increase in both, the mass
ratio and the damping of the main system. For the same mass ratio and
damping in the piping system, the MTMD is found to be more effective than
single TMD.

(7) From the parametric study, the peak displacements, accelerations, and base
shear are reduced with increase in the input command voltage of the MR
dampers. However, there exists an optimum value of the voltage input
depending upon the damper locations.

(8) The control algorithms considered for the MR damper, namely, the Bang-
Bang and the Lyapunov impart reduction in piping system responses. But
relatively, Bang-Bang control algorithm performed better than Lyapunov
control algorithm.

(9) The evaluated optimum parameter, α, in the range of 0.4–0.7 of the pre-
dictive control law for the SAVFD and ak , of switching control law and
modified switching control law for the SAVSD are found to be very effective
in reducing the seismic responses for the piping system.

(10) The SAVFD controlled by predictive control algorithm has elliptical hys-
teresis loop and the SAVSD controlled by switching control law and mod-
ified switching control law has triangular hysteresis loop.
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A Case Study to Report the Advantage
of Using Signed Response Quantities
in Response Spectrum Analysis

Sanjib Das and Santanu Bhanja

Abstract Static method of seismic analysis is based on the assumption that fun-
damental mode of vibration is predominant and there are no mass and stiffness
irregularities in the structure. These assumptions of static analysis do not hold good
for the irregular and/or tall structures. In such structures, Response Spectrum
analysis is preferred as it provides an easy solution compared to Time History
analysis. The results of Response Spectrum analysis are computed from modal
responses obtained by performing modal analysis. Individual modal responses are
combined using modal combination methods (SRSS, CQC etc.) to get maximum
absolute responses. Modal combination process generates absolute response
quantities. Unsigned member forces at the both ends of the members do not satisfy
static equilibrium for the Response Spectrum load cases. Support Reaction of the
supported nodes in Response Spectrum load case is also unsigned quantity. It does
not allow understanding whether the supported node is subjected to uplift or not.
Hence load combinations with these unsigned response quantities may lead to
untenable and unrealistic support reaction. It may be observed that footing designed
with such load combination is being subjected to huge uplift and requires unrealistic
thickness. This problem can be easily eliminated if the sign of the responses of the
dominant mode of vibration is considered. This has been clearly demonstrated in
the present case study of a watch-tower constructed in seismic zone four in West
Bengal where unsigned response quantities resulted in a huge uplift force in support
reaction which resulted in unrealistic thickness of the foundation. It was observed
that on using sign of the dominant mode, the supported nodes were not actually
subjected to such huge uplift. It can be inferred from the present case study that the
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responses obtained from modal combinations should be used for load combinations
only with proper sign which is often not considered by the designers.

Keywords Response spectrum � Signed � Watch tower

1 Introduction

In the static method of seismic analysis, it is assumed that the fundamental mode of
vibration dominates the response and mass and stiffness of the structure are evenly
distributed thus giving a regular mode shape. In tall and/or irregular buildings, these
assumptions are invalid and dynamic analysis needs to be performed. Dynamic
analysis using Response Spectrum method is preferred as it is easy to use. Response
spectrum analysis is a technique for performing an equivalent static lateral load
analysis of structures for earthquake forces. It is useful in the approximate evalu-
ation of the reliability and safety of structures under earthquake forces [1]. The
major problem lies in the fact that the response quantities obtained from Response
Spectrum analysis are absolute quantities as they are computed using modal
combination methods like SRSS, CQC etc. The response quantities can be axial
forces acting on a column, moment about its major axis or storey shear in a frame
etc. The nature of the responses cannot be determined. The unsigned responses
derived from a load combination involving a Response Spectrum load case may
provide un-realistic results [2]. If they are used in the design of structural elements
specifically columns, the results will be erroneous. Some special consideration is
required in the Response Spectrum analysis by which the nature of the response
quantities can be determined. A structural element is designed on the basis of the
worst algebraic load combination that leads to maximum stress resultants [3]. Since
member forces are expressed in local axes, unsigned member forces at the both ends
of the members do not satisfy static equilibrium for the Response Spectrum load
cases. Hence load combinations with these unsigned response quantities may lead
to untenable and unrealistic member forces at the start and end of the member. The
support reaction obtained in a Response Spectrum load also poses the same
problem as the nature of the forces cannot be ascertained, only the magnitude is
obtained. It becomes difficult to ascertain whether the reaction at a node is causing
uplift or compression [4]. This problem can be easily eliminated if the sign of the
responses of the dominant mode of vibration is considered. This has been clearly
demonstrated in the present case study of a watch-tower situated in seismic zone IV
in West Bengal where unsigned response quantities resulted in a huge uplift force at
the foundation level. As a result of that the foundation for the structure had to be
designed for high tensile force. The depth required for the foundation to stabilize
this huge uplift was unrealistic. Considering the sign of the dominant mode, it was
observed that the support reaction was not actually exhibiting that huge tension and
a realistic depth of foundation could be obtained. It can be inferred from the present
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case study that the responses obtained from modal combinations should be used for
load combinations only with proper sign which is often not considered by the
designers.

2 Objective of the Present Research Work

The objective of the present research work may be outlined as follows:

• To report in brief the analysis and design considerations adopted for the present
case study

• To highlight how the unsigned response quantities in the in the response
spectrum load cases may lead to unrealistic support reactions

• To discuss the methodology of using the sign of the dominant mode in the
response quantities

• To demonstrate how the use of signed response quantities can resolve the
problem

3 Introduction to the Case Study

The present case study consists of a watch-tower constructed at Jalpaiguri district of
West Bengal, India. The typical administrative building plan is shown in Fig. 1.

Height of the tower was 15.05 m. The circular platform of the tower was at a
height of 11.8 m from the ground level with a radius of 3.5 m. The entire model was
supported by four circular columns which were tied at different levels. There were
intermediate platforms at different levels. The main tower was made accessible by a
series of stairs resting on a series of columns. These columns were not connected to
the main tower model of the watch tower has been provided in Fig. 2.

The watch-tower was constructed in seismic zone IV and response spectrum
analysis was proposed to capture the dynamic response of the watch-tower [5]. The
watch-tower model was prepared in STAAD.Pro V8i software. Figure 3 shows the
3D structural model prepared using the software.

The model was analysed for dead load, live load and seismic forces. Response
spectrum analysis was performed. The structural elements were designed with the
maximum forces obtained with load combinations as per the relevant Indian
standards code.
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Fig. 1 Plan of watch tower

Fig. 2 3D Model of watch tower
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4 Statement of the Actual Problem

The model was analysed for the primary load cases and load combinations created
as per relevant Indian standards. Support reactions from the superstructure were
obtained and they were adopted for the design of the foundation. A rectangular mat
foundation having a size of 4.6 m × 4.5 m was adopted. It was observed that 12 ms
depth of foundation was required to stabilize this model for the uplift forces coming
from the superstructure which was absurd and technically not feasible. It was
observed that two supported nodes marked as node number 18 and 19 were
experiencing very high uplift forces. The support reactions should be equal in
magnitude but opposite in sign of the forces acting at the column connected to that
node. Figure 4 indicates that if unsigned values of response spectrum quantities are
used, the axial forces developing at the ends of the member for a load combination
involving the gravity and Response spectrum loads fails to satisfy static equilibrium
for that element.

Fig. 3 3D Structural model
of watch tower prepared in
software
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5 Modifications Needed in the Analysis and Design

Considering the response spectrum load case i.e. Load case 3, the support reaction
at node 19 was obtained as + 386.18 kN (i.e. acting upwards) and the axial force in
the member 128 at that node was +386.16 kN (i.e. acting upwards) and at node 32
was 386.18 kN (i.e. acting upwards) as shown in Fig. 4. This clearly demonstrates
that unsigned responses obtained in Response Spectrum load cases violates the
conditions of static equilibrium. It was observed that load combination 18 [0.9
times dead load (Load case 1) +1.5 Response spectrum load case in X direction
(Load case 3)] was the critical one for the foundation design. It was a tough task for
the designers to find out a suitable depth for the mat foundation. Figure 5 shows the
support reaction for the critical load combination 18.

At the supported node number 18 and 19 the support reactions in FY direction
for load case 1 and 3 were 153.90 kN and 386.18 kN respectively. The support
reaction in FY direction for the load combination 18 was computed as
(0.9 × 153.910 −1.5 × 386.19) = −440.76 kN. This has been shown in Fig. 6.

It can be inferred that the results of the Response spectrum load case being
unsigned when added with other gravity load cases may lead to huge uplift forces in
the foundation which is actually non-existent. This situation can be avoided by
using signed Response Spectrum results. The mode having maximum mass par-
ticipation is considered as the dominant mode and all the response quantities are
assigned the sign of dominant mode [6]. On using the sign of the dominant mode,

Fig. 4 Support reactions
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the member forces/support reactions gets modified which also satisfies statical
equilibrium for the different elements. The program is capable of finding out the
dominant mode and use the sign of the responses from the dominant mode in the
final result of response spectrum analysis.

It was found that support reaction for the supported node number 19 changed
drastically on using the sign of dominant mode. Proper sign of the support reaction
obtained from the dominant mode of vibration was assigned (Fig. 7). It was
observed that the foundation was to be designed for uplift only for support number
18 and support 19 was not experiencing any uplift. Figure 8 shows the support
reactions obtained after using the sign of dominant mode.

The mat foundation designed with these modified forces resulted in 0.9 m
thickness which was quite a reasonable value. Figure 9 shows the finite element
model created for mat foundation.

6 Findings from Present Case Study

Instead of using the unsigned numerical values of the responses, designers should
use the signed response spectrum results. Designers can use the relevant command
to instruct the program to use the sign of the member forces in Response Spectrum

Fig. 5 Critical design forces

Fig. 6 Support reactions for different load cases
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results for the most dominant mode—where the mass participation is the highest
among all the considered modes in the analysis. If engineers use simple algebraic
summation of the signed response spectrum quantities with the other load cases, the
final result used for the design will have the proper sign. This can be easily
understood from the output results of the present case study.

Fig. 7 Dominant mode of vibration in X direction

Fig. 8 Support reactions after using the sign of dominant mode
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7 Conclusion

Direct use of unsigned response spectrum analysis results in design sometimes may
lead to an irrational/untenable situation. For example support reactions may yield
very high tension arising from a load combination where the response spectrum
load case is involved. It can be concluded from this case study that use of signed
response spectrum results, where the sign of the response spectrum quantities
obtained from the dominant mode, provides a realistic analysis result which can
directly be used for proper design of structural elements.
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Performance of Medium-Rise
Buckling-Restrained Braced Frame
Under Near Field Earthquakes

Ahmad Fayeq Ghowsi and Dipti Ranjan Sahoo

Abstract Buckling-restrained braced frames (BRBFs) are generally used as lateral
load-resisting systems in the seismically active regions. The better energy dissi-
pation capacity and the absence of compressive buckling behaviour of braces in
make the BRBFs a preferred alternative over the conventional concentrically braced
frames. Most of the past studies focussed on the performance of BRBFs under the
far-field earthquakes and concluded that BRBFs may suffer from the larger post-
earthquake residual drift as compared to the other systems. This behaviour may be
amplified in case of the near-fault earthquakes where long-period pulses and high-
frequency contents. In this study, the seismic performance of a medium-rise
building of 9-storey has been carried out analytically using SAP2000. The study
frame has been designed as per the current seismic code AISC 341-2010 provisions.
Forty near-fault ground motions are considered in the nonlinear dynamic (time-hi
storey) analysis. The main parameters investigated are inter storey drift response,
residual drift response, sequence of hinge formations, and behaviour of beams and
columns. The effect of brace configurations, i.e., Chevron and Split-X, are also
studied under the same near-fault ground motions.
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1 Introduction

Buckling-restrained braced frames (BRBFs) are usually used in active seismic
regions for the purpose of lateral load resistance on the structure. Figure 1a shows
the different components of a BRB element. Steel core plates of BRBs are separated
by unbounded material from the restening parts and/or outer core, the yield of
BRBs while tension and compression resulted in symmetric hysteretic response,
high ductility level, and excellent energy dissipation as shown in Fig. 1b. A number
of tests has been conducted by previous researcher for the component as well as the
system level for seismic performance of BRBFs (e.g., [1, 5, 6, 8, 11, 14, 15, 18,
19]). The main parameters which has been studied are the displacement ductility
and cumulative displacement ductility, energy dissipation potential, compression
over-strength and strain-hardening factors, detailing of non-yielding segments and
the end connections of BRBs. The type of beam-to-column connections has a
visible impact on the seismic response of BRBFs [8, 9, 12].

Beam-to-column connections type can arrange with different braced configura-
tions and also BRB can be arranged in single-diagonal, Chevron (inverted-V) or
Double- storey-X configurations. A recent study by Ghowsi and Sahoo [10] con-
cluded that Double- storey-X configuration of BRBs resulted in the relatively larger
post-earthquake residual drift response of BRBFs as compared to those in Chevron
configuration. Further, a huge studies have been done on seismic response of
BRBFs far-field ground motions, but very limited studies carry out on the perfor-
mance of BRBFs under the near-field ground motions (e.g. [4, 16]). The near-fault
earthquakes has long period of pulses which can cause to permanent displacements
of ground. The effect of such ground motions still not known to the international
codes [3]. As the BRBFs recommendation is for the seismic active zone which can
carry high load capacity [4]. Hereby, the near-fault ground motions can cause
extensive structural damages as compared to the far-fault ground motions. Hence,
there is a need of further study to investigate the performance of BRBFs under near-
fault earthquakes.

In this study, the effect of brace configurations on the overall seismic response of
a medium-rise BRBF under the near-field ground motions has been analytically
evaluated. The main objective of this study is investigation of near fault earthquakes
response of BRBFs equipped with both Chevron and Double- storey-X BRBs.
Nonlinear dynamic analyses are carried out under the selected near-fault seismic
excitations to understand the structural and ground motion characteristics that
influence their seismic behavior of BRBFs. Inter- storey drift and residual- storey
drift developed to investigation design of BRBFs under near fault ground motions.
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2 Modeling of Study Frames

A nine-storey steel building has been designed and considered as the study building
in which the braced bays are lied on the exterior perimeters. The total height of the
building is 32.31 m with a typical storey height of 3.51 m, except the first storey
which has 4.27 m height. The building has been redesigned as per current code. The
actual building geometry has been adopted from the seven storey which has been

Fig. 1 a Components of an
unbounded BRB [5]; b typical
hysteretic response of BRBs
under cyclic loading [14]
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designed elsewhere [13]. The braced bay (of width 9.15 m) along the wide of the
building is considered as the study frame. Two types of brace configurations (i.e.,
Chevron and Double-X), designed as per ASCE/SEI 7-10 [3] provisions. Figure 2
shows the details of the study frame considered in this study. In order to study the
effect of brace configurations, same structural sections are used as beams and
columns in all BRBFs. All sections satisfy the seismic design requirements as per
ANSI/AISC 341-05 [2] provisions. The beam to column connections has been
considered to be rigid.

The nonlinear dynamic analysis has been done by computer software SAP2000
[7]. The beams and columns members are modelled as frame elements to be
resisting the axial, shear, and bending actions. The elements are assigned the section
and material properties. The value of tensile yield stress of steel used in BRBs,
beams and columns is considered as 345 MPa. Material overstrength factor (Ry) for
BRB is considered as unity. Compression overstrength (β) and strain-hardening (ω)
factors of BRBs are assumed as 1.04 and 1.54, respectively. The nonlinear
behaviour of frame members is considered in the models by using lumped plasticity
concepts. Nonlinear moment-rotation (M-θ) plastic hinges along with the axial load-
bending moment (P-M) interaction properties are assigned to all the columns and
beams. Both (M-θ) and (P-M) plastic hinges are assigned at both end of the

Fig. 2 a Plan view of the
study building; b elevation of
BRBFs considered in this
study
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columns, whereas these properties are assigned at the mid-lengths of beams in
addition to the ends in case of RBC connections.

Figure 3b shows the nonlinear (M-θ) plastic hinge properties used in the frame
members. Both moment and rotation values are normalized with respect to their
corresponding yield values. The ultimate resistance is assumed as 15 % of higher
than the yield strengths. The post-peak residual strength is considered as 20 % of the
yield strengths. Axial force-displacement plastic hinges, as shown in Fig. 3a, are
used to model the nonlinear axial behaviour of BRBs. These plastic hinges are
placed at the mid-lengths of BRBs. No post-peak descending behaviour is modelled
for BRBs in this study. However, BRBs are assumed to have failed when the
displacement ductility level exceeded a value of 25, the limit which most of the
BRBs have exhibited in the past experimental studies (e.g., [8]). Kinematic hard-
ening behaviour is assumed for all the elements of BRBFs. P-Delta effect due to
gravity loads is considered by modelling a leaning column pinned at its base and
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connected to the BRBFs through the rigid links at each floor level. The gravity loads
contributing to the P-delta effect are applied to the nodes at each floor level of the
leaning column. All the columns of BRBFs are assumed to be fixed at their bases.

3 Time History Analysis

An ensemble of forty SAC ground motions representing the near-fault records [17]
are used in this study for the nonlinear dynamic analysis. Twenty ground motions
(NF01-20) represent the recorded near-fault ground motions, whereas the remaining
(NF21-40) ground motions are obtained by physical simulations considering the
variations in the source-to-site distance (<20 km), fault rupture mechanism, soil
medium, and earthquake magnitudes, etc., resembling the seismic characteristics in
the near-fault region. Figure 4a show the elastic acceleration spectrum of the input
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ground motions for 5 % damping which shows the pulse-like and long-period
characteristics of the ground motions. Figure 4b shows a comparison of the average
acceleration spectrum of all ground motions with the design spectrum as per ASCE/
SEI 7-10 [3]. Except for the short period (<0.2 s), the average value of spectral
acceleration of all ground motions lies well-above the design spectrum.

3.1 Inter Storey Drift Response

The inter storey drift ratio is computed from the ration inter storey displacement into
high of that considered floor. Figure 5 shows the inter storey response of BRBF
under near field ground motions. The statistical values, such as, mean and ±standard
deviation (SD) also shown in the figure. For both the cases of chevron and double-X,
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the average interstorey drift is higher in then limit of 2 % as per ASCE/SEI 7-10 [3]
provisions. The distribution of inter storey drift is also uniform along the height of
the frame with both cases.

In case of Chevron type of brace we have some ground motions (NF23, NF25,
NF29) foully collapsed which the interstorey drift and residual storey drift is not
taking into account, which the collapsed drift has extreme drift value, can change
average of overall drifts. The maximum value of interstorey drift value of chevron
and double-X is 6.6 and 7 %, respectively. Overall from both the cases, means are
parallel along the height. The average of drift is more in 2nd and 7th floors compare
to other floors.

As stated earlier, the design considerations should be different for Near Field
ground motions as the drift value is much higher than the design value as per
ASCE/SEI 7-10 [3] provisions. This shows that the current code-based design using
the recommended as per far field ground motions is very conservative. Hence, a
higher design consideration is required for the near field ground motions.

3.2 Residual Drift Response

Residual Inter storey drift ratio has been computed from the inter storey dis-
placement at various storey level which is at last step of ground motion at each floor
level height. Figure 6 shows the residual drift response of both cases of studied
frames under near field earthquakes. For both chevron and double-X type of BRBFs
seems same value of residual drift, except two cases of (NF31 and NF33) overall
the maximum residual storey drift 1.9 and 2.2 % drift for Chevron type and double-
X type, respectively. Although, in case chevron type of braces cases of NF23, NF25
and, NF29 has excepted. In cases of NF31 and 33 has collapse at the first floor level
which is the reason for higher residual drift. Overall, the mean residual drift is
equally parallel for both the cases, the average of residual drift is lesser at 8th and
9th floor levels also it shows higher value at first floor level.

3.3 Hinge Mechanisms

The plastic hinge deformation in various members which occurred for all near field
ground motions has been monitored. As expected, the yielding occurred on the
bracing members at most of the floor level especially the 1st–5th floors for all the
cases. The minor yielding occurred at base ground floor column for all the cases for
both case of brace configurations as it is expected. Except ground floor base column
the rare cases plastic hinges formed into the columns at 6th, 7th and, 8th floors
columns.
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Table 1. Summarized the plastic hinges formed in the beams and columns of
both cases of BRBFs. Some few extreme ground motions NF23, NF25 and, NF29
seems to be effected in case of chevron type of configuration which all the frame
gone to collapse level. The minor hinges seem in the first 20 ground motions which
are the real earthquakes compared to the last 20 ground motion which has been
extracted from their physical simulations. A reduced number of plastic hinges are
formed in alternative pairs of ground motions. Since the sever collapse is not
recommended and the double-X configuration shows better capability of drift
without and any series damages or collapse should be used in BRBFs to achieve a
better seismic performance.
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Table 1 Hinge mechanism

Near field ground motions

Chevron Double X

Beam Column Beam Column

NF01 1S2B, 2S2B, 3S2B GF2B 1S2B, 2S2B GF2B

NF02 1S2B GF2B 1S1B GF2B

NF03 1S1C, 1S1E, 2S2B, 3S2B,
5S2B, 6S2B, 7S2B, 8S2B

GF2B,
8S1B

1S2B, 2S2B, 3S2B,
5S2B, 6S2B, 7S2B, 8S1B

GF2E,
7S1B

NF04 1S2B, 2S2B, 3S2B GF2B 1S2B, 2S2B, 3S2B GF2B

NF05 1S2B, 2S2B, 3S2B, 5S2B,
6S2B, 7S2B

GF2B 1S2B, 2S2B, 3S2B,
5S2B, 6S2B, 7S2B

GF2B

NF06 NA NA NA NA

NF07 1S2B, 2S2B, 3S2B, 5S2B,
6S2B

GF2B 1S2B, 2S1B, 3S2B,
5S2B, 6S1B, 7S1B

GF2B

NF08 1S2B GF2B 1S1B GF2B

NF09 NA GF1B NA NA

NF10 1S2B GF2 1S1B GF1B

NF11 NA NA NA NA

NF12 NA NA NA NA

NF13 1S2B, 2S2B, 3S2B, 5S2B,
6S2B, 7S2B

GF2B 1S2B, 2S2B, 3S1B,
5S2B, 6S2B, 7S2B, 8S1B

GF2B

NF14 NA NA NA NA

NF15 1S2B, 2S2B, 3S2B, 5S2B GF2B 1S2B, 2S1B, 3S2B,
5S2B, 6S1B

GF2B

NF16 NA NA NA NA

NF17 1S2B, 2S2B, 3S2B, 5S2B,
6S2B, 7S2B

GF2B 1S2B, 2S2B, 3S1B,
5S2B, 6S2B, 7S2B, 8S1B

GF2B

NF18 1S2B GF2B 1S1B GF2B

NF19 1S1C, 1S1B, 2S2B, 3S2B,
5S2B, 6S2B, 7S2B

GF1E,
GF1C

1S1C, 1S1B, 2S2B,
3S2B, 5S2B, 6S2B, 7S2B

GF1E,
GF1C

NF20 1S2B, 2S2B, 3S2B GF2B 1S2B, 2S1B, 3S1B, 5S1B GF2B

NF21 1S2B, 2S2B, 3S2B,
5S2B,6S2B, 7S2B

GF2B 1S2B, 2S1B, 3S1B,
5S2B, 6S2B, 7S2B

GF2B

NF22 NA GF1B NA NA

NF23 1– 9SE 1– 9SE 1S2B, 2S2B, 3S1C,
3S1B, 5S1C, 5S1B,
6S2B, 7S2B, 8S2B

GF1E,
GF1B,
7S2B,
8S1B

NF24 6S2B, 7S2B GF1B 6S1B, 7S2B GF1B

NF25 1– 9SE 1– 9SE 1S2B, 2S2B, 3S2B,
5S2B, 6S2B, 7S2B, 8S1B

GF1E,
GF1B

NF26 6S2B, 7S2B GF1B 6S1B, 7S2B, 8S1B NA

NF27 1S2E, 2S2E, 3S2E, 5S2C,
6S1C, 6S1B, 7S2B

GF2E 1S2E, 2S2C, 3S2B,
5S2B, 6S2B, 7S2B, 8S2B

GF2E,
1S1B,
7S1B
(continued)
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3.4 Nonlinear Static Analyses

The static pushover analysis done to carried out the lateral strength and hinge
mechanism of both study frames. The lateral displacement which used as lateral
load distribution extract from the fundamental mode shape into pushover analysis.
Figure 7 shows the comparison of capacity curves chevron and double-X braces.
From the push over analysis can see the more number of hinges occurred at chevron
type configurations compare to double-X braces. Hence, in order to have flexible

Table 1 (continued)

Near field ground motions

Chevron Double X

Beam Column Beam Column

NF28 NA NA NA NA

NF29 1– 9SE 1– 9SE 1S1E, 1S1C, 2S1E,
2S1B, 3S2B, 5S1C,
5S1B, 6S2B, 7S2B, 9S1B

GF2E,
7S1B,
8S2B

NF30 NA GF1B NA GF1B

NF31 1S2E, 2S1E, 2S1B, 3S1E,
3S1B, 5S2B, 6S1E, 6S1B,
7S1C, 7S1B, 8S2B

GF2E,
7S1B

1S2E, 2S1C, 2S1B,
3S2C, 5S2B, 6S2B,
7S2B, 8S1B

GF2E,
7S1B

NF32 NA NA NA NA

NF33 1S1E, 1S1B, 2S2C, 3S1C,
3S1B, 5S2B, 6S2B, 7S2B,
8S2B

GF2E,
7S1B

1S2E, 2S1C, 2S1B,
3S2C, 5S2B, 6S2B,
7S2B, 8S1B

GF1E,
GF1C,
7S1B,
8S1B

NF34 NA NA NA NA

NF35 1S2E, 2S2E, 3S2E, 5S1C,
5S1B, 6S1E, 6S1B, 7S2B,
8S1B

GF2E 1S2E, 2S2B, 3S2C,
5S2B, 6S2B, 7S2B, 8S1B

GF2E

NF36 NA NA NA NA

NF37 1S1E, 1S1B, 2S1E, 2S1B,
3S2B, 5S2B, 6S2B, 7S2B

GF2E 1S2B, 2S2B, 3S2B,
5S2B, 6S2B, 7S2B, 8S1B

GF2E

NF38 1S2B, 2S2B, 3S2B GF2B 1S2B, 2S1B, 3S2B GF2B

NF39 1S1E, 1S1B, 2S1E, 2S1B,
3S1E, 3S1B, 5S2B, 6S2B,
7S2B

GF1E,
GF1C

1S2B, 2S2B, 3S2B,
5S2B, 6S2B, 7S2B, 8S2B

GF1E,
GF1C

NF40 1S2B, 2S2B, 3S2B, 5S2B GF1C,
GF1B

1S2B, 2S2B, 3S2B,
5S2B, 6S1B

GF2B

nSm m is number of plastic hinges at floor number n
mB is number of plastic hinges at yield level
mC, mD is number of plastic hinges at ultimate level
mE is number of plastic hinges at rapture point
NA is not available
GF ground floor base
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BRBFs systems and desirable hinges forming in various stages of deforming is
recommended to use double-X braces. Figure 8 shows the hinges formation drift at
the last stage of 2.42 % of roof drift ratio.

4 Conclusions

Based on the analysis results, following conclusions can be drawn for medium-rise
BRBFs:

• The new design consideration has to be provide for BRBFs under near field
ground motions.

0.0 0.5 1.0 1.5 2.0 2.5 3.0
0

1000

2000

3000

4000

5000

6000

7000

8000

B
as

e 
F

or
ce

 (
kN

)

Roof Drift (%)

Chevron
Double-X

7

14

18

18

6

13
17

19
Fig. 7 Base shear capacity
curves of chevron and double-
X

Fig. 8 Hinge mechanism at
the stage of 2.42 % pushing of
roof level a Chevron and
b Double-X

852 A.F. Ghowsi and D.R. Sahoo



• The Double-X braced configurations has more flexibility compare to Chevron
type configurations.

• The Chevron type of brace shows a stiffer which has brittle behavior, going
under extreme collapse in some case of near field.

• The case of NF23, NF25 and, NF29 seems to be strong then all the ground
motions, for the design evolution can be closed be checked for the structures.

• From the nonlinear static push over analysis it has found that most number of
hinges occur for Chevron type compare to double-X type of brace
configurations.

• The pairs of near fault ground motions one against the other is stronger,
relatively.

• The behavior of Double-X configuration with BRBFs need be checked with
various number of stories.

References

1. Aiken ID, Mahin SA, Uriz PR (2002) Large-scale testing of buckling restrained braced frames.
In: Proceedings of Japan passive control symposium, Tokyo Institute of Technology, Japan

2. ANSI/AISC 341-05 (2005) Seismic provisions for structural steel buildings. American
Institute of Steel Construction, Chicago

3. ASCE/SEI 7-10 (2010) Minimum design loads for buildings and other structures. American
Society of Civil Engineers, Reston

4. Baghbanijavid Z, Jalali A, Yasrebinia Y (2010) Seismic response of buckling-restrained
braced frames under near fault ground motions. J Appl Sci 10(23):2967–2977

5. Black CJ, Makris N, Aiken ID (2004) Component testing, seismic evaluation and
characterization of buckling-restrained braces. ASCE J Struct Eng 130(6):880–894

6. Chou CC, Liu JH, Pham DH (2012) Steel buckling-restrained braced frames with single and
dual corner gusset connections: seismic tests and analyses. Earthq Eng Struct Dynam 41
(7):1137–1156

7. CSI (2009) CSI analysis reference manual for SAP 2000. Computers and Structures Inc,
Berkeley,

8. Fahnestock LA, Sause R, Ricles JM (2007) Seismic response and performance of buckling-
restrained braced frames. ASCE J Struct Eng 133(9):1195–1204

9. Field C, Ko E (2004) Connection performance of buckling restrained braced frames. Paper
No. 1321. In: Proceedings of thirteenth world conference on earthquake engineering,
Vancouver, BC, Canada

10. Ghowsi AF, Sahoo DR (2013) Seismic performance of buckling-restrained braced frames with
varying beam-column connections. Int J Steel Struct 13(4):607–621

11. Iwata M, Kato T, Wada A (2003) Performance evaluation of buckling-restrained braces in
damage-controlled structures: behavior of steel structures in seismic area. In: Proceeding of
fourth international conference STESSA, Naples, Italy

12. Lin ML, Tsai KC, Hsiao PC, Tsait CY (2005) Compressive behavior of buckling restrained
braces gusset connections. In: First international conference on advanced experimental
structural engineering, Nagoya, Japan

13. López WA, Sabelli R (2004) Seismic design of buckling-restrained braced frames. Structural
Steel Education Council, Moraga

Performance of Medium-Rise Buckling-Restrained … 853



14. Merritt S, Uang CM, Benzoni G (2003) Subassemblage testing of core brace buckling-
restrained braces, Report No. TR-2003/01, Department of Structural Engineering, University
of California at San Diego, USA

15. Romero P, Reaveley L, Miller P, Okahashi T (2007) Report on full-scale testing of WC series
buckling-restrained braces. Department of Civil and Environmental Engineering, University of
Utah, USA

16. Shakib H, Safi R (2012) Behavior evaluation of the eccentric buckling-restrained braced
frames under the near-fault ground motions. In: Proceedings of fifteenth world conference on
earthquake engineering, Lisbon

17. Somerville PG, Smith M, Punyamurthula S, Sun J (1997) Development of ground motion time
histories for phase 2 of the FEMA/SAC Steel Project, Report No. SAC/BD-97/04, SAC Joint
Venture, Sacramento, CA

18. Tsai KC, Hsiaso BC, Lai JW, Chen CH, Lin ML, Weng YT (2003) Pseudo-dynamic
experimental response of a full-scale CFT-BRB composite frame. In: Proceedings of joint
NCREE/JRC workshop on international collaboration on earthquake disaster mitigation
research, Taipei, Taiwan

19. Watanabe A, Hitomi Y, Saeki E, Wada A, Fujimoto M (1988) Properties of brace encased in
buckling-restrained concrete and steel tube. In: Proceedings of ninth world conference on
earthquake engineering, Tokyo, Japan

Bibliography

20. FEMA 356 (2000) Prestandard and commentary for the seismic rehabilitation of buildings.
Federal Emergency Management Agency, Washington, DC

854 A.F. Ghowsi and D.R. Sahoo



Effect of Brace Configurations on Seismic
Behaviour of SCBFs

P.C. Ashwin Kumar and Dipti Ranjan Sahoo

Abstract Special concentrically braced frames (SCBFs) are used as lateral force-
resisting systems in steel structures located in the high seismic areas to resist lateral
loads through the vertical concentric truss system. Through yielding in tension and
buckling in compression, conventional braces allow the system as a whole to have
ample drift capacity to resist the lateral forces without any failure of gravity load-
resisting members with maximum damages to brace itself. AISC 341-2010 allows
the selection of a proper brace configuration for SCBFs, but does not distinguish
their individual performance. The code categorizes all configurations under the
same label and provides similar values of response reduction factor, over strength
factor and deflection amplification factor. This is questionable as the response of
each configuration with respect to brace behaviour and its effect on the beams and
columns are different for different configurations. Four different, number of storeys
(3, 6, 9 and 18) were chosen for this study. The design of the braced frames were
done as per the code based requirements with checks included for maintaining the
compactness and slenderness ratio within limits. Two dimensional frame models for
non-linear static and dynamic analysis were created using the computer package
SAP 2000 “as reported by CSI (Analysis reference manual for SAP 2000, 2009)”
environment. Nonlinear dynamic analyses has been carried out for near-field as well
as design basis ground motions. A selection criteria has been obtained for different
brace configuration depending on the number of storeys of the building.
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1 Introduction

Special concentrically braced frames (SCBFs) are used as lateral force-resisting
systems in steel structures located in the high seismic areas to resist lateral loads
through the vertical concentric truss system. This system if compared to other
lateral load resisting system can be cheaper and easier to build if proper care is
taken in designing and detailing. The braces act as fuses which dissipate the input
seismic energy through axial deformations in tension and compression loading
cycles. Thus, through yielding in tension and buckling in compression the braces
allows the system as a whole to have ample drift capacity to resist the lateral forces
without any failure of gravity load-resisting members. From past research it is
known that there are several parameters, such as, brace slenderness ratio, width-to-
thickness ratio, size and detailing of gusset plate, brace configurations, brace cross
section shapes, material property, loading history, loading rate, material infill inside
brace etc. that control the response of SCBFs under earthquake loading (e.g., 1–3).

AISC 341-2010 [4] code and previous studies [5] specifies the use of single-V,
inverted-V, single-X and split-X to be used in case of SCBF system. The code
allows the selection of a proper brace configuration for SCBFs, but does not dis-
tinguish their individual performance. The values of response reduction factor,
over-strength factor and ductility for all brace configurations are kept the same in
the present international code inspite of the fact that their response to earthquake is
different from one another. Comparative study on the seismic performance of
SCBFs with different brace configurations has been carried out by previous
researchers [6]. In most of the past research focus on the seismic response of SCBFs
were made for far-field earthquakes. It is expected that the behaviour of SCBFs
under the near-field ground motions will be different from those under the far-field
earthquakes because of the different ground motion characteristics, such as, higher
peak-ground accelerations, restricted frequency content in the higher frequencies,
and the nature of ground motion pulses. High period pulse-like loading on the
braced frame can intensify the ratcheting effect in the brace behaviour. This may
result in the concentration of damages in few floor levels leading to the complete
failure of the structural system. Hence, further study is warranted to understand
each configurations response to near-field earthquake. Also, the design of building
for earthquake, given in codes, focuses on designing the buildings for design basis
earthquakes. So, to check the adequacy of the design methods and to compare the
response of different configurations of braced frame, the system will also be sub-
jected to design basis earthquakes.

The present study is focused on the evaluation of seismic response of low-to-
high rise SCBF systems with different brace configurations. The main objectives of
this study are (i) to investigate the effect of brace configuration on failure mecha-
nism, drift response and lateral strength of SCBF systems under the near-field as
well as design basis earthquake ground motions, and (ii) to evaluate the suitability
of code design provisions for SCBFs as lateral force-resisting systems in the
buildings located in high seismicity zones.
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2 Description of Study Frames

2.1 Building Geometry

The plan of the building considered in this study in which all the braced bays were
located at the perimeter of the building is as shown in Fig. 1a. The remaining
interior frames are assumed as gravity frames. The width of each bay was kept as
9.2 m. The typical storey height was kept as 3.66 m except the ground storey which
was 4.6 m in height as shown in Fig. 1b. Four low-to-high rise frames, i.e., 3-, 6-, 9-
and 18-storey were investigated in this study. It can be seen from the figure that the
building is symmetrical, horizontally and vertically. This explains the inclusion of
18-storey into the study as this would not have been possible for a building having
either horizontal or vertical irregularity. All building parameters were kept same
except the number of storey levels which were changed in the respective cases. The
superimposed dead load on each floor was assumed as 3.65 kPa. The magnitude of
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live load on floor and roof levels was taken as 2.4 and 0.96 kPa, respectively. For
the present study, the braced frame BF-2 was considered as the study frame. Three
types of brace configurations, namely, Chevron, single-X, and split-X that was
considered for this study is as shown in Fig. 1c.

2.2 Design of Study Frames

The designs of these braced frames were done based on the specifications given in
ASCE 7-10 [7], AISC 341-2010 [4] and AISC 360-2010 [8]. Initially the base shear
for the building was calculated using the parameters given in ASCE 7-10 [7] for the
building geometry selected. Then with the storey forces the axial force magnitudes
in the brace were found out for the basic seismic load combinations. Since for each
floor there will be tension and compression for the braces, the compression force
was chosen as the design value as for the chosen brace size the magnitude of
tension capacity will be more than the demand. The opposite approach may result in
a system with braces under designed for forces, basically the compression. The next
phase of design involves the selection of beam and column sizes. The current code
of practice suggests designing the beams and columns for two load conditions. First
condition, assuming that the selected braces reaches their ultimate capacity in terms
of compression and tension and second condition, when the brace reaches its
ultimate capacity in tension and its post buckled capacity in compression. The post
buckled state in compression leads to a capacity that is 0.3 times the initial buckling
load capacity. In short the code assumes this system to form in all floor of the
braced bay simultaneously. This may be true for low storeyed structure but may
result in overdesigned stiff structure in case of taller buildings.

The design of beams has been done as a beam-column element as the braces
transfer significant amount of axial load to the system. The columns have been
designed for the axial load as well as the moment that is transferred from the beams.
The demand versus capacity ratio of beams and columns have been kept above 0.9
for all floors but this approach needs to be further studied as for braced frames
response the damage when initiated at a single floor continues to damage that floor
continuously until failure occurs, leaving all other floors of braced frame partially
unharmed. The frames was also checked for gravity load combinations since it is
the priority or the objective of the design that all the damage is concentrated at the
braces and no damage occurs to the gravity load resisting system. The value of
response reduction factor (R) and over-strength factor (Ω) were considered as 5 and
2, respectively. It was assumed that A992 (Fy = 345 MPa) material was used for
braces and A500 Gr-B42 (Fy = 290 MPa) was used for columns and beams in all
the study frames. The design of beams in chevron configuration where an imbal-
ance in load is produced during the post buckled stages of braces was given extra
consideration during the design. The details of structural sections used in the study
frames with different brace configurations are summarized in Table 1. In some cases
built-up (BU) sections were used where the standard sections were not available or
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for cost-effectiveness. Although the same structural sections have been used in few
consecutive floors along the height, the sections were chosen based on the design
requirements at the floor levels. Also for each section chosen the sectional prop-
erties like slenderness ratio and width to thickness ratio were checked to be com-
plying with the codal provisions.

2.3 Modelling of Study Frames

Two-dimensional (2-D) models of all the present frames were modeled in SAP
2000 [9]. Beams, columns and braces were modelled as the frame elements. The
support conditions for the columns were considered as fixed at their bases. The
braces were modelled as having hinges at their ends. All beam-to-column con-
nections were assumed as pinned in case of all the study frames. The rigid end
zones at the beam-column connections were not explicitly modelled in this study. It
needs to be mentioned that in real structures even if the beam column joint is
designed as a pin connection then also due to the presence of gusset plate the beam
gets additional rotational restraint. It has been observed in experiments done by
previous researches that even after the brace undergoes fracture the gusset plate
then also provides a diminished yet a significant amount of rigidity to the beam-
column joint. P-delta effects due to gravity loads on the building were considered in
the analysis. Since the past studies [6] showed that the floor mass have a significant
effect on the dynamic response of the braced frames, the tributary floor mass at each
floor level was also included in the analytical models. Nonlinear behaviour of the
frame members was modelled by assigning the lumped plastic hinges at the
potential hinge locations. The plastic hinge properties used for the modelling of
inelastic properties of braces and frame members is as shown in Fig. 2. The plastic
hinge parameters for the brace have been adopted from the results obtained from the
parametric study of braces and also from past experimental studies. These values
will vary for braces with different slenderness ratio and width to thickness ratio.

(a) (b) (c)

Fig. 2 a Nonlinear moment-rotation hinge, b P–M interaction hinge, c Force-displacement hinge
of braces
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Kinematic hardening was assumed for all elements. FEMA 356 [10] provisions
were used for inputting various parameters of the moment-rotation plastic hinges
adopted for this study. Since the presence of axial load reduces the plastic moment
capacity of members, axial force-bending moment (P–M) interaction behaviour was
included in the modelling. Twenty SAC ground motions representing near-field
behaviour (i.e., NF01-20) and twenty more representing the design basis earthquake
motion (i.e., LA01-20) [11] were considered for the nonlinear dynamic analysis in
this study. Since the building locations and parameters have been based on Los
Angeles, the ground motions selected for the analysis needs no further scaling.

3 Results

3.1 Nonlinear Static Analysis

To determine the lateral strength and failure mechanism of the study frames with
different brace configurations push over analysis was carried out. Figure 3 shows
the comparison of the capacity curves of the study frames up to 5 % storey drift

Fig. 3 Comparison of pushover curves: a 3-storey; b 6-storey; c 9-storey; d 18-storey
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level, which can be considered as the maximum storey drift to be expected out of
SCBF which gives perfect response. The split-X configuration had the highest
lateral strength in comparison to all other configurations. Except the 9-storey frame
results, the single-X configuration showed the next best performance in terms of
lateral strength. The post-peak lateral strength behaviour of the braced frame
showed that the split-X configuration showed deterioration in the lateral strength
after reaching the peak value. However, for the 18-storey, there was no drop down
and the structure attained a stable residual lateral strength in the post peak scenario.
Even though there was a drop in the residual strength of the split-X configuration,
the lateral strength value attained by the frame was comparable with the other two
configurations for all storey heights. The performance of study frames with
Chevron and single-X were not as conclusive as split-X configuration but varied
with the frame height. The post-peak strength of Chevron configuration was stable
for the 3- and 18-storey frames, whereas the single-X configuration showed rela-
tively a better performance for the 6- and 9-storey frames.

The response of the structure in terms of the formation of hinges showed a
similar trend for all three configurations. The onset of hinging started with the brace
yielding followed by the yielding of columns. As the drift value was increased, the
stresses in the braces started increasing and reached the ultimate values at few
locations along the height of the structure. For the case of Chevron configuration,
the yielding was observed in the case of beams. This was expected as the post-
buckled stage of the brace resulted in the development of substantial unbalanced
forces in the beams. In the case of 9- and 18-storey frames, the column or beam
reaching their ultimate values was followed right after the brace reached its rupture
strength. It was also seen that the brace reached its rupture value soon after the
columns yielded. This was typical for 18-storey but this may also be related to the
section sizes that were selected for this study. Also, a common feature noted was
that for higher storeys as soon as the braces reached it ultimate value at any floor the
rest of the damages or deformations were concentrated near that floor only. This is
one of the drawbacks of using concentric braced frame i.e. there is concentration of
damages and not a distribution or sharing of damages by the entire frame.

3.2 Nonlinear Dynamic Analysis for Design Basis
Earthquake

Inter-storey drift ratio (IDR) at all storey level of the study frames was computed
under the selected design basis ground motions. The mean (µ) and mean
(µ) + standard deviation (σ) values of peak IDR response of the study frames are
depicted in Fig. 4. The maximum values of mean (50th percentile) IDR were close
to 1.5 % in all study frames, whereas the maximum value of (µ + σ) IDR were 3 %
for 18-storey, 3.5 % for the 6- and 9-storey, 4 % for 3-storey, respectively. The
distribution of IDR response of the 3-, 6- and 9-storey was nearly uniform over their
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heights. However, the larger IDR response was noted at the upper storey levels of
the 18-storey as compared to the lower storey levels indicating that the column at
the lower storey levels were little overdesigned. The reason for this over strength
can be explained by understanding the current procedure of designing beams and
columns in SCBFs, wherein, the code assumes mechanism in the brace to be
formed in all storeys of the structure simultaneously. The mechanism here is the
design procedure explained earlier, where two conditions of brace loadings are
assumed for the design of beams and columns. It is worth mentioning that the
member sizes used in the analysis satisfies the slenderness ratio as well the com-
pactness ratio as specified in the codes. Results of 18-storey frame showed that the
brace yielding was concentrated only at the top floors. Further, the analysis also
showed that, in most cases, the upper level storeys showed higher drift response
than the lower storeys. This may be attributed to the varied column sections along
the height of the frames and also the beam-column connection which was kept as a
simple shear connection thus reducing the stiffness of the structure. Although the
response of all brace configurations showed comparable mean IDR response, it
should be noted that in all cases complete collapse of the frames was noted during

Fig. 4 Comparison of inter-storey drift response: a 3-storey; b 6-storey; c 9-storey; d 18-storey
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the analysis resulting in excessive IDR. Those ground motions were not considered
in averaging the drift response.

The results of time history-analysis showed the complete collapse of the study
frames for different configurations has been summarized in Table 2. It was noticed
that except for the 9-storey Chevron and 6-storey split-X, both configurations
showed better survivability under design basis earthquake. The single-X configu-
ration underwent significant amount of failures under each storey level. The split-X
configuration showed better response for 18-storey braced frame. This vindicates
the response of present builders to adopt split-X configuration as it gives added
advantage that it transfers forces from two floors, thus giving additional strength
and redundancy.

These failures to different frames can also be attributed to the connection
arrangement employed for the beam-column in this study. Even though the single-
X configuration has lower material consumption as compared to other configura-
tion, the number of failures showed its inadequacy to resist severe ground motions.
Hence, the single-X brace configuration should be avoided in the mid-rise braced.

3.3 Nonlinear Dynamic Analysis for Near Field Earthquake

Similar to the study done for the design basis earthquake motion the Inter-storey
drift ratio (IDR) at all storey level of the study frames was computed under the
selected near-field ground motions. Figure 5 depicts the mean (µ) and mean
(µ) + standard deviation (σ) values of peak IDR response of the study frames. The
maximum values of mean (50th percentile) IDR were close to 2 % in all study
frames, whereas the maximum value of (µ + σ IDR were 3 % for the 3- and
9-storey, and 4 % for 6- and 18-storey, respectively. The distribution of IDR
response of the 3-, 6- and 9-storey was nearly uniform over their heights as was the
case with the earlier study. The member sizes were kept same for all the studies in
this paper so the response of 18-storey showed similar trait that all the inelastic
response were concentrated in the upper storey, leaving all the below frame
members intact. Although the response of all brace configurations showed com-
parable mean IDR response, it should be noted that in all cases complete collapse of
the frames was noted during the analysis resulting in excessive IDR. Those ground
motions were not considered in averaging the drift response.

Table 2 Instances of failures
for different brace
configurations

Storey Instances of structural failure

Chevron Split-X Single-X

3 2 2 8

6 3 8 6

9 11 3 7

18 5 4 9
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The results of time history-analysis showed the complete collapse of the study
frames for different configurations has been summarized in Table 3. It was noticed
that in the 6- and 9-storey frames having single-X configurations, 50 % frames did
not survive selected ground motions. However, in the case of 3- and 18-storey
frame, the number of instances of collapse was relatively small as compared to the
other frames considered in this study. In case of single-X brace configurations, the
plastic hinges were formed at the mid-length of braces and the damage continued to
develop in that brace leaving the other length of the brace nearly ineffective.

Fig. 5 Comparison of inter-storey drift response: a 3-storey; b 6-storey; c 9-storey; d 18-storey

Table 3 Instances of failures for different brace configurations

Storey Instances of structural failure

Chevron Split-X Single-X

3 3 4 5

6 5 8 10

9 6 8 11

18 5 2 4
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The single-X configuration again showed poor performance, reiterating the fact
that it should be avoided in special concentric braced frame unless proper inves-
tigation is done to improve the performance of single-X. It has to be asserted here
that the selection of member sizes as well as the connection arrangement plays an
important role in the response of the structure towards strong ground motions. This
analysis also shows the inadequacy of the application of amplified seismic load
combinations for designing beams and columns. The code specifications directs the
design in such a way that the formation of plastic hinges is assumed to be formed at
all storey levels simultaneously, this is contradictory to the analysis findings where
the formation of hinges in the braces was limited to certain floors especially for high
rise frames. This necessitates the use of applying performance based design con-
cepts for ensuring predictable structural performance.

4 Conclusions

The following conclusions can be drawn from the present study:

• Single-X brace configuration should be avoided in the mid-rise braced frames,
designed as per the code provisions in order to achieve better seismic perfor-
mance under design basis and near-field ground motions.

• The design of high-rise braced frame as per the current code provisions resulted
in overdesigned sections as columns at the lower storey levels. However, this
margin of safety effectively helped in reducing the probability of complete
collapse of the frames for both type of ground motions considered.

• Chevron brace configuration performed better as compared to the X-brace
configurations in low-to-medium rise building frames, whereas in the case of the
high-rise frame, the behaviour of split-X brace configuration was better for both
type of ground motions considered.

• The lateral strength of braced frames was improved with the split-X brace
configurations with better post-peak residual strength response as compared to
other brace configurations.
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Seismic Response of Moment Resisting
Frame with Open Ground Storey Designed
as per Code Provisions

Subzar Ahmad Bhat, Saraswati Setia and V.K. Sehgal

Abstract Urbanization, functional requirements and paucity of space have led to
multi-storey building having open ground storey. During the past earthquakes, open
ground storey buildings have performed poorly due to the soft storey defect. Indian
Standard 1893 Part 1 (Indian standard criteria for earthquake resistant design of
structures, 2002) allows analysis of open ground storey buildings without consid-
ering infill stiffness but with a multiplication factor (MF) 2.5 in compensation for
the stiffness discontinuity. The aim of this study is to check the applicability of the
multiplication factor of 2.5 and study the behaviour and response of the structure.
Investigations were carried on reference bare frame model without considering infill
stiffness as suggested by IS 1893 (Indian standard criteria for earthquake resistant
design of structures) using SAP 2000 (Version 14.0) by linear static analysis and
response spectrum analysis. Total seven models were analysed and designed with
multiplication factor ranging from 1.0 to 2.5. From the results, it is observed that the
value of MF equal to 2.5 has been found on the higher side, resulting in increased
dimension and percentage of reinforcement of ground storey columns without
significant enhancement beyond a certain MF. The best possible rectification
measure, when the stiffness of the infill is not considered, is to multiply the ground
storey columns by 1.25 factor instead of codal value of 2.5. Using higher values of
MF results in the introduction of soft storey effect in the upper storey.
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1 Introduction

Due to the availability of less space for the construction purposes in the developing
countries, buildings are used for various purposes such as car parking, reception
lobbies etc. Mostly, these buildings are irregular with different types of irregularity,
such as plan irregularity, vertical irregularity etc. Among all the irregularities of the
buildings, most vulnerable case is one having stiffness irregularity as observed
during the past earthquakes. In some buildings, the ground storey is kept open, i.e.
in the ground storey, there are no infills; instead having only columns. This type of
construction is always vulnerable to the collapse during earthquake. Such type of
open ground storey buildings in which stiffness of the ground storey is less the 70 %
of the storey above are called soft storey buildings.

Buildings with open ground storey have performed poorly during the recent
earthquake throughout the world. For example, during the 1999 Turkey, 1999
Taiwan, 2001 Bhuj, India, 2005 Jammu and Kashmir, India and 2003 Algeria
earthquakes, maximum damaged buildings were found to have open ground storey.
During earthquakes, such type of buildings behave as an inverted pendulum, as the
upper portion of the building acts as a rigid mass and hence moves together as a
single mass and the ground storey columns act as the pendulum rod. All the
displacements are concentrated in the open ground storey columns alone, therefore
causing large damage in the columns of the open ground storey during an earth-
quake. Soft storeys can also occur in the intermediate storeys of a building, and
cause damage and collapse in those storeys too.

The seismic force experienced by the open ground storey buildings is distributed
in accordance to the distribution of stiffness and mass along the height. As the
buildings with open ground storey are having stiff upper storey, so there is small
inter-storey drift in the upper storeys as compared to the open ground storey. Due to
the large inter-storey drift in the ground storey, the strength demands of the columns
in open ground storey moment resisting frame buildings are also large, as the shear
in the first storey is maximum. For the upper storeys due to the uneven distribution
of the stiffness along the height, columns forces are effectively reduced.

In the aftermath of the earthquake in Jabalpur, India, the vulnerability of open
ground storey building to failure under seismic loads was experienced. The
buildings which got badly damaged were partially open ground storey buildings
having open ground storey on one side for parking, and brick infill walls on the
other side. The maximum damage was caused in the columns of the open ground
storey. Spalling of concrete cover, snapping of lateral ties, buckling of longitudinal
reinforcement bars and crushing of core concrete took place in the columns of open
ground storey columns [1]. After the collapses of open ground storey buildings in
2001 Bhuj, India earthquake, the Indian seismic code IS 1893 Part 1 [4] has
included special design provisions related to soft storey buildings. As per the IS
1893 Part1 [4] clause 7.10.3, the forces in the columns, beams and shear walls
under the action of seismic loads specified in the code, may be obtained by con-
sidering the bare frame building. After carrying out the earthquake analysis,
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neglecting the effect of infill walls in other storeys; beams and columns in the open
ground storey are required to be designed for 2.5 times the forces obtained from this
bare frame analysis. These recommendations have met with some resistance in
design and construction practice, due to the need for heavy reinforcement in ground
storey columns, leading to congestion. Hence, the aim of this paper is to check the
applicability of the multiplication factor of 2.5 in the ground storey beams and
column when the building is to be designed as open ground storey framed building.

2 Past Studies

From the past earthquakes, it is observed that the soft storey irregularity is one of the
main reasons of the building damage due to earthquakes. The open ground storey
irregularity can’t be eliminated, but some alternative measure can be adopted to
compensate the situation. Arlekar et al. [1] adopted alternative measures to cater this
problem by (i) provision of stiffer columns in the first storey, and (ii) provision of a
concrete service core in the building. The former was found to be effective only in
reducing the lateral drift demand on the first storey columns. However, the latter was
found to be effective in reducing the drift as well as the strength demands on the first
storey columns. The similar research was done by Dande and Kodag [2], in which
strength and stiffness to the building frame was provided by modified soft storey
provision in two ways, (i) by providing stiff column and (ii) by providing adjacent
infill wall panel at each corner of building frame. Also, study has been carried out to
compare modified soft storey provisions with complete infill wall frame and bare
frame models. At the end it was concluded that the possible solution to cater this
problem is in (a) increasing the stiffness of the first storey; (b) provide adequate
lateral strength in the first storey. This was possible only by providing stiff column at
open ground storey model or by providing adjacent infill wall provided at each
corner of soft storey building model. This problem was also analyzed by Kaushaik
et al. [7] by various strengthening options such as providing additional columns,
diagonal bracings, and lateral buttresses for masonry infilled reinforced concrete
frame buildings with an open ground storey. The strengthening schemes recom-
mended in a few national codes were found to be ineffective in improving the lateral
deformability of such frames because of the use of predetermined multiplying factors
for increasing the lateral strength. In addition, it was observed that beams in the open
first storey are not required to be designed for higher forces. Primary conclusion of
the study was that the lateral load performance of the open first-storey RC frames
cannot be improved by using code-specified strengthening schemes, i.e. by
designing the first-storey members for higher forces; and the performance of such
frames can be significantly improved by providing additional columns and lateral
buttresses in the open first storey. Lamb and Londhe [8] carried out study on multi-
storeyed buildings with soft first storey, located in seismic zone IV. Finally it was
concluded that shear walls and cross bracings were very effective in reducing the
stiffness irregularity and bending moment in the columns. Higher sizes of columns
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are effective in reducing the drift, but it increases the shear force and bending
moment in the first storey. Lightweight infill was found to be very effective in
reducing the stiffness irregularity and storey drift. Saraswati and Vineet [10] carried
out research on the influence of displacement, inter storey drift and storey shear on
the behavior of a building with soft storey. In that study it was concluded that lateral
displacement is largest in bare frame with soft storey defect both for earthquake force
in x direction as well as in y direction for corner columns as well as for intermediate
columns. In case of intermediate columns, displacement was minimum in buildings
having masonry infill in upper floors and with increased column stiffness of bottom
storey in comparison to the building with shear wall in x direction as well as in
y direction. However, building with masonry infill in upper floors only showed a
sudden change in slope of displacement in x direction as well as in y direction.

Design codes address this issue by permitting simplified analysis of soft storey
buildings. Linear analysis of the ‘bare frame’ is allowed, but the storey shear and
moments of the open ground storey need to be magnified by specified factors in
design. For example, IS 1983 Part 1 [4] recommends a magnification factor of 2.5
to be applied on bending moments and shear forces calculated for the bare frame
under seismic loads. The conservative nature of these empirical recommendations
was first carried by Kanitkar and Kanitkar [6]. It was concluded that the existing
provisions of IS 1983 Part 1 [4] appear inadequate to completely define the design
parameters of buildings with soft storey although a scale factor of 2.5 is specified
for moments and shears in the open storey members. It was also concluded that
current code provisions do not account for the increase in column axial forces.
Subramanian [11] concluded that the clause 7.10.3 (a) and (b) of IS 1893 Part 1 [4]
were chosen arbitrarily without any scientific investigations. Davis et al. [3]
attempted to estimate typical variations in multiplication factor. The results from
response spectrum analysis indicated that multiplication factor values were in the
range 1.04–1.13, for the four storied building and 1.11–2.39 for the seven storied
building. However, the results of nonlinear dynamic analysis including hysteresis
effects in frame and infill, suggest that there was no need for applying multiplication
factor to low-rise building frames. In the case of the seven storied building frame,
values of multiplication factor in the range 1.14–1.29 were observed, applicable to
the base shear. However, this was not applicable to column bending moments,
where multiplication factor values were found to be less than unity. Also, it was
concluded by them that when large openings are present and thickness of infills are
less, there is a reduction in multiplication factor.

In all the above literatures, open ground storey (OGS) buildings were
strengthened by using various provisions, and also none of the literature talks about
the effect of the multiplication factor on the seismic behavior of the structure. In this
paper, the moment resisting frame with open ground storey is analyzed and
designed for different ranges of multiplication factor without considering the infill
stiffness. Then these models are analyzed to study the behavior of the structure in
terms of displacement, storey drift and stiffness.
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3 Analytical Modelling

During the analytical model development, various factors are taken into consider-
ation. The most important factor, which was considered, is the representation of the
building stock of India by the models that are considered. In present study, the soft
storey effect was introduced by increasing the height of the storey and also keeping
the ground storey open. In order to consider this, five storied (ground + four)
structure with five bays in both directions is modelled. The span length for the bays
in x direction was chosen as 5 and 3 m in y direction for both the models. The storey
height in the models is chosen as 3.1 m for all the storeys except the ground storey,
which is kept as 4.8 m. Figure 1 shows the plan and elevation of a typical structure
considered in this study. The thickness of the external and internal wall is kept as
230 and 150 mm, respectively. The thickness of the slab is taken as 150 mm for all
slabs. The height of the parapet wall is taken as 1.5 m. The structure is considered to
be located in the zone V with medium soil conditions. The importance factor is
taken as 1. The intensity of live load is taken as 3 and 1.5 kN/m2 for all floors and
roof, respectively. The intensity of the floor finish and roof treatment are taken as 1
and 1.5 kN/m2 for all floors and roof respectively.

The load from the walls is distributed as uniformly distributed load and from the
slab the load is distributed on the beams of the respective storeys as trapezoidal and
triangular loads. The bare frame is considered for the model. In order to study the
behaviour of the open ground storey building designed as per IS 1983 Part 1 [4],
seven models are analysed and designed for range of multiplication factor.

Only the ground storey columns are designed for the multiplication factor as
prescribed by the IS 1983 Part 1 [4]. In the design process the percentage of
reinforcement and column dimensions are taken as variables.

To model and simulate the structure in geometry and behaviour, the modelled
structure is taken as close to the real one as possible. Modelling is done in such a
way that there is ideal distribution of mass, stiffness and strength of the structure.
Different materials are used in the structural modelling. The grade of concrete and
reinforcement used in the study of the models is taken as M 25 and Fe 415. The
elastic properties of these materials are taken as the per the IS 456: [5]. As per
clause 6.3.2.1 of the IS 456: [5] the modulus of elasticity of concrete is taken as
Ec ¼ 5; 000

ffiffiffiffiffi
fck

p
N/mm2 where, fck is the characteristic compressive strength of the

concrete in N/mm2 at 28 days. For present study, value of fck is 25. For the
reinforcement, the yield stress fy

� �
and modulus of elasticity Esð Þ is taken as per IS

456: [5]. The material chosen for infill walls is masonry having compressive
strength f

0
m

� �
equal to 1.5 N/mm2 and modulus of elasticity is taken equal to

Em¼ 550f
0
m as taken by Kaushaik et al. [7].

The beams as well as columns of the frames are modelled by 3D frame elements.
All the beam-column joints are assumed to be rigid. Using [9] the beams and
columns in the present study are modelled as frame elements with the centre
lines joined at nodes. For the integral action of the floor slabs, all the slabs are
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modelled as diaphragms. The selected structural models are assumed to be founded
on the raft foundation. So all the supports of the structural are taken asfixed. Infill walls
are usually considered as non-structural elements. Each model in this study is named
according to the frame type and multiplication factor (MF). Model name BF 2.25
refers to the model in which bare frame is considered and 2.25 refers to the multi-
plication factor considered for the design of the columns of the open ground storey.
The detailed nomenclature for the frame models considered is as given in Table 1.

4 Results from the Analysis

To investigate the response and behaviour of a MRF with soft storey defect, it
is designed and analysed as per the IS code 1893 Part 1 [4]. The column size,
stiffness and percentage of the reinforcement in the columns are the parameters

3.
1 

m
 

3.
1 

m
 

3.
1 

m
 

4.
8 

m
 

3.
1 

m
 

25 m ( 5 @ 5 m c/c)

z

x
25 m ( 5 @ 5 m c/c)

15
 m

 ( 
5 

@
 3

 m
 c

/c
)

(a)

(b)

Fig. 1 Plan and the elevation of the structure. a Plan, b elevation
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for the evaluation. The parameters which are discussed include displacement, storey
drift, time period and stiffness. In the analysis of the models, various load com-
binations are considered as given by IS 1893 Part 1 [4] clause 6.3.1.2. The most
severe case was found to be 0.9 D.L. ±1.5 E.L. Equivalent static analysis and
response spectrum analysis of these seven OGS MRF models are carried out to
evaluate the effect and applicability of MF, which is applied to the OGS columns.
Following sections presents the results obtained from these analyses.

4.1 Fundamental Time Period

The fundamental time period in both transverse and longitudinal direction being
same for the models is given in Table 2. From Table 2 we can see that the periods
calculated from the codal provisions are much less than those computed from [9].
For frame model BF 1.0 period of vibration is more as compared to other models,
this is because of the stiffness. The stiffness of the frame BF 1.0 is much smaller
than the other models. For the models BF 1.25, BF 1.5, BF 1.75, BF 2.0, BF 2.25
and BF 2.5, there is not much difference in the period of the vibration. For the
model BF 1.5, percentage decrease in time period is 4.28 %. For the models
designed for higher values of MF, maximum percentage reduction is 7.75 % only.
Otherwise, there is large difference in the stiffness, cross-sectional area and the
percentage of the reinforcement in the columns of the model BF 2.5 and BF 1.5.

Table 1 Showing
nomenclature of the different
models

Bare frame reference BF 1.0

Bare frame designed for the MF 1.25 BF 1.25

Bare frame designed for the MF 1.5 BF 1.5

Bare frame designed for the MF 1.75 BF 1.75

Bare frame designed for the MF 2.0 BF 2.0

Bare frame designed for the MF 2.25 BF 2.25

Bare frame designed for the MF 2.5 BF 2.5

Table 2 Time period of
different bare frame models Model Period of vibration (seconds)

SAP 2000 Codal

BF 1.0 0.98 0.633

BF 1.25 0.97 0.633

BF 1.5 0.938 0.633

BF 1.75 0.934 0.633

BF 2.0 0.931 0.633

BF 2.25 0.909 0.633

BF 2.5 0.904 0.633
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Figure 2 shows the comparison of the period of the vibration for various bare frame
models. Since there is not much difference in period of vibration for the models
designed for MF higher than 1.5, the 1.5 MF may be good enough to be considered
for the OGS columns.

4.2 Lateral Displacement

The displacement for various bare frame models in x and y direction is given as
under in Tables 3 and 4.

Figure 3 shows displacement graphs plotted for various bare frame models in
x direction. For the frame model BF 1.0 the displacement profile is showing change
in the slope, which indicates that the model is having stiffness irregularity. For the
other models there is not so much change in the slope, as these models are free from
stiffness irregularity at ground floor. From the Fig. 5 it can be observed that the
maximum displacement in x direction occurs in model BF 1.0 and minimum in
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Fig. 2 Comparative graph showing variation of time period of vibration of bare frames

Table 3 Displacement of bare frame models in x direction

Storey Displacement in x direction (mm)

Storey
level

Storey
no.

BF
1.0

BF
1.25

BF
1.5

BF
1.75

BF 2 BF
2.25

BF
2.5

Roof level 5 34.15 31.88 32.53 31.92 31.60 31.35 30.62

4th floor 4 31.60 29.35 29.89 29.27 28.92 28.64 27.86

3rd floor 3 26.48 24.30 24.63 23.97 23.57 23.24 22.38

2nd floor 2 19.01 16.99 17.04 16.35 15.89 15.52 14.58

First floor 1 9.79 8.19 7.99 7.40 7.00 6.66 5.88

Ground
floor

0 0.00 0.00 0.00 0.00 0.00 0.00 0.00
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model BF 2.5. The reason being the stiffness of the ground storey of the model BF
2.5 is very large compared to model BF 1.0. As the displacement is maximum for
the model BF 1.0, the inter storey drift demand is also large. For the model BF 1.25,
it is observed from the displacement profile that the percentage reduction in the
displacement is 6.65 %. However this reduction in the displacement is achieved by
increasing the stiffness and the area of cross section of the ground storey column for
model BF 1.25 by 29 and 9 % respectively and keeping percentage of reinforcement
same. For the model BF 1.5 the stiffness and area of cross section of the ground
storey column is increased by 44.25 and 21.2 % and the percentage of reinforce-
ment is kept same, reduction in the displacement is found to be 4.76 % only. For the
models which are designed for the higher values of the MF, there is not much
significant change in the displacement. For the model BF 2.5 the stiffness, area of

Table 4 displacement of bare frame models in y (or z) direction

Storey Displacement in y direction (mm)

Storey
level

Storey
no.

BF
1.0

BF
1.25

BF
1.5

BF
1.75

BF 2 BF
2.25

BF
2.5

Roof level 5 40.53 38.75 38.63 39.73 38.38 37.49 37.36

4th floor 4 37.56 35.85 35.56 36.71 35.29 34.34 34.19

3rd floor 3 31.42 29.77 29.13 30.38 28.82 27.73 27.54

2nd floor 2 22.28 20.98 19.86 21.23 19.49 18.25 18.00

First floor 1 10.89 9.95 8.41 9.78 8.02 6.77 6.49

Ground
floor

0 0.00 0.00 0.00 0.00 0.00 0.00 0.00

Fig. 3 Comparative graph of the displacement in x direction for bare frame models
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the ground storey column and percentage reinforcement is increased by 151, 55.5
and 66.67 % respectively and corresponding to this change the percentage decrease
in the displacement is equal to 10.34 % only. Thus, it can be observed that when the
stiffness is increased from 29 to 151 % and area of cross section is increased from 9
to 55.5 %, percentage decrease in the displacement is only 5.8 %. Thus, it is seen
that by increasing the stiffness and the area of the cross section of the ground storey
column above 29 and 9 % there is small decrease in the displacement values, which
can be seen from Fig. 5. From the above results it is seen that the models which are
designed for MF above 1.25, shows smaller decrease in displacement as compared
to the increase in the stiffness and area of the column. Thus, model BF 1.25 gives
the best results as compared to other models. That means there is no need to design
the OGS columns for 2.5 MF, instead we can use 1.25 MF.

Figure 4 shows displacement graphs plotted for various bare frame models in
y direction. The displacement in y direction is showing the same trend as is shown
along x direction, only difference is in the percentage.

4.3 Storey Drift

The storey drift along x and y direction is shown in Tables 5 and 6, respectively.
From Figs. 5 and 6, it can be observed that the maximum storey drift is found in

model BF 1.0 along the both x and y directions at first storey. For the other models
the maximum storey drift is at 2nd floor but the value is within the limit. The reason
for the maximum storey drift at first floor for model BF 1.0 is that the stiffness of
the ground storey is about 73.3 % of the storey above. For other models the stiffness
of the ground storey is increased, so the maximum storey drift shifts from first floor

Fig. 4 Comparative graph showing the displacement in y direction for bare frame models
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Table 5 Storey drift in x direction for the bare frame models

Storey Storey drift in x direction (mm)

Storey
level

Storey
no.

BF
1.0

BF
1.25

BF
1.5

BF
1.75

BF
2

BF
2.25

BF
2.5

Roof level 5 2.55 2.52 2.63 2.66 2.68 2.71 2.76

4th floor 4 5.12 5.05 5.26 5.30 5.35 5.40 5.48

3rd floor 3 7.47 7.31 7.60 7.62 7.68 7.73 7.80

2nd floor 2 9.22 8.80 9.05 8.95 8.90 8.86 8.70

First floor 1 9.79 8.19 7.99 7.40 7.00 6.66 5.88

Ground
floor

0 0.00 0.00 0.00 0.00 0.00 0.00 0.00

Table 6 Storey drift in y direction for the bare frame models

Storey Storey drift in y direction (mm)

Storey
level

Storey
no.

BF
1.0

BF
1.25

BF
1.5

BF
1.75

BF 2 BF
2.25

BF
2.5

Roof level 5 2.97 2.898 3.07 3.02 3.09 3.15 3.17

4th floor 4 6.14 6.079 6.43 6.33 6.48 6.60 6.65

3rd floor 3 9.14 8.79 9.27 9.15 9.33 9.49 9.55

2nd floor 2 11.39 11.04 11.45 11.45 11.47 11.48 11.50

First floor 1 10.89 9.95 8.41 9.78 8.02 6.76 6.49

Ground
floor

0 0 0 0 0 0 0 0

Fig. 5 Comparative graph for the storey drift of the bare frame models along x direction
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to 2nd floor. As the stiffness and the area of cross section of the ground storey
columns for the model BF 1.25 is increased by 29.8 and 9 % respectively, it can be
observed from Fig. 5 that the storey drift of the model BF 1.25 in x direction is
reduced by 16.34 % for first floor, 6.54 % for 2nd floor, but above the 2nd floor
instead of the decrease in the storey drift there is increase in it. The same trend is
followed by the frame BF 1.25 along the y direction. Along the x as well as
y direction all the models follow the same trend only difference is in the percentage
reduction in the storey drift at first floor. Maximum reduction in the storey drift at
first floor is observed in case of the model BF 2.5,. For model BF 2.5, increasing the
stiffness and area of cross sectional of the OGS columns in x direction by 151 and
55 % respectively, the reduction in the first floor storey drift is found to be 39.98 %.
However, there is a slight increase in the storey drift at roof level. This slight
increase in the upper storey drift may be because of the much increase in the
stiffness of the ground storey. From the above results, it can be concluded that by
increasing the stiffness and area above 29.8 and 9 % respectively, does not show the
desirable change in the storey drift of the OGS structures. So when the stiffness of
the infill is not considered, best possible rectification measure for the OGS columns
is that the storey shear and moments should be increased by 1.25 MF. Same can be
concluded from the Fig. 6 along the y direction.

4.4 Stiffness

Stiffness is one of the main parameter which predicts the soft storey behavior of the
particular structure. In the present work as the models are designed for range of MF.

Fig. 6 Comparative graph for the storey drift of the bare frame models along y direction
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By using higher values of MF the stiffness of the ground storey increases in
comparison to storey above. To evaluate the effect of the MF on the storey stiffness,
various models are analysed by using [9]. The results obtained are discussed as
under.

Table 7 shows the stiffness of the ground storey and first storey for bare frame
models. The stiffness of the ground storey of the models BF 1.0 is 84 % of the first
storey in x direction. As BF 1.25 is designed for 1.25 MF applied to the ground
storey columns, the stiffness of the first storey becomes 104 and 83 % that of
ground storey in x and y direction respectively. For the frame model BF 1.5 the
stiffness of ground storey is increased so much that the stiffness of the first storey is
93 and 60 % in x and y directions respectively. That means instead of removing the
soft storey effect, in this case soft storey have appeared at first storey in y direction
as the stiffness of the first storey is less that 70 % that of the ground storey. For the
models BF 1.75 and BF 2 same trend is seen in the stiffness. But for the models BF
2.25 and BF 2.5, the stiffness of the first storey in both directions becomes less than
70 %. So the models BF 2.25 and BF 2.5 are showing soft storey behaviour in both
the directions. Thus the problem which arises here is that of the shifting of the soft
storey effect from one storey to another storey. Now if the second storey columns
are designed for 2.5 MF, then the soft storey effect will shift to the 3rd storey and so
on. Thus by using 2.5 MF, instead of rectifying the soft storey effect, it creates soft
storey above that level. From the above discussion it can be concluded that using
the MF value higher than 1.25 for bare frame models, instead of rectifying the soft
storey behaviour, one creates soft storey effect on storey above. Thus it is seen that
most suitable rectification measure for the OGS structure, when the infill stiffness is
not considered, is 1.25 MF. That means ground storey columns should be multi-
plied with 1.25 MF instead of 2.5.

Table 7 Storey stiffness for the bare frame models

Model Lateral stiffness(kN/m) Lateral stiffness (kN/m)

In x direction In y direction

Ground storey First storey Ground storey First storey

BF 1.0 4874267.6 6607028.97 3262939.45 2936457.32

BF 1.25 6328125.00 6607028.97 3559570.31 2936457.32

BF 1.5 7031250.00 6607028.97 4882812.50 2936457.32

BF 1.75 8045654.30 6607028.97 3856201.17 2936457.32

BF 2 8939615.89 6607028.97 5289713.54 2936457.32

BF 2.25 9833577.47 6607028.97 7040608.72 2936457.32

BF 2.5 12281901.04 6607028.97 7582194.01 2936457.32
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5 Conclusions

From the above results, the main conclusions obtained from the present study are as
follows:

i. The value of MF equal to 2.5 has been found on the higher side, resulting in
increased dimension and percentage of reinforcement without significant
enhancement in the positive response beyond a certain MF.

ii. The best possible rectification measure when the stiffness of the infill is not
considered is to multiply the ground storey columns by 1.25 factor instead of
codal value of 2.5.

iii. When the building with OGS is designed for values of MF higher than 1.5
without considering infill stiffness, soft storey effect shifts from ground storey
to first storey.

6 Recommendations

i. It is found in the present study that the multiplication factor of 2.5 as given in IS
1893 Part 1 [4] is not justified.

ii. In the present study, only the columns of the ground storey are designed for 2.5
factor. The analysis should be carried out to see the effect of both beams and
columns when designed for 2.5 factor.

iii. The infill wall stiffness is not considered in this study. Thus, the effect of infill
should be considered in the analysis.

iv. The non-linear analysis gives more accurate results than linear one. Thus, non-
linear analysis should be used for the analysis.

v. The same study should be carried out for different heights of the building, to
check the applicability of 2.5 factor for high rise buildings.

vi. The effect of the column orientation can be considered for the models, which
will have great effect on the behaviour of the structure.

vii. The effect of provision of shear wall at the periphery as far away as possible
from the centre of the building should be studied.
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Evaluation of Models for Joint Shear
Strength of Beam–Column
Subassemblages for Seismic Resistance
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Abstract Many parts of the world experienced devastating earthquakes in the
recent past. It is observed that those collapsed reinforced concrete (RC) structures
are decades old and not designed and detailed to resist seismic loads. Beam–column
joints are the most affected structural components during earthquakes due to the
discontinuous load path in the vicinity. Since, shear strength of beam column joint
plays the major role on the performance of RC structures under earthquake, many
models were proposed by researchers to predict the shear strength of beam–column
joints using different idealizations, approaches and mechanisms. These can be
categorized into plane stress-, explicit-, analytical- and empirical- models. In the
present work, these models are critically reviewed and summarized. The concept,
parameters considered, significant observations and their limitations of the most
promising and robust models in predicting the joint shear behaviour are brought out
in this paper.
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1 Introduction

Recent earthquakes have caused devastating effects on the infrastructures. Many
parts of US, Italy, Japan, New Zealand, Iran, South east Asia including Himalayan
region in India, etc. come under high seismicity zone which creates a large demand
for adequate stiffness, strength, ductility, and stability of the structures to prevent
collapse. Most of the existing reinforced concrete structures are decades old, and
were designed and detailed for gravity loads only. Performance of these structures
under seismic events is extremely vulnerable and needs to be assessed before taking
any protective measure to improve human safety. It is evident from the previous
earthquakes that the beam–column joint regions are the critical regions of rein-
forced concrete structures. Beam–column joint regions are the discontinuity regions
where the load transfer mechanism becomes complex. During an earthquake, these
joints are subjected to shear forces of large magnitude which make them to fail in
brittle fashion. These joints play an important role in the stability and overall
performance of a structure. There is an urgent need to evaluate the shear strength of
these beam–column joints to ensure safety under seismic loading. Number of
models such as empirical models, spring models, and analytical models were
proposed by the researchers to evaluate the beam–column joints behaviour and to
predict their shear strength. These models were developed, exploring the various
mechanisms that are possible in a joint subjected to cyclic loads. In the present
work, the models, which were reported in the literature, are critically reviewed and
summarized.

2 Various Types of Analytical Models for Shear Strength
Evaluation

2.1 Empirical Models

Empirical models were developed by many researchers by extracting some of the
parameters that affect the joint shear strength. The basic assumption is that all the
parameters are independent of each other.

2.1.1 Sarsam and Phipps Model

Sarsam and Phipps [7] suggested an empirical model for predicting the shear
capacity of the beam–column joints, as given in Eqs. (1)–(3)

Vcd ¼ 5:08 fcu qcð Þ0:33 dc
db

� �1:33

bc dc

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ 0:29

N
Ag

s
ð1Þ
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Vsd ¼ 0:87fyv Ajs ð2Þ

Vud ¼ Vcd þ Vsd ð3Þ

where, fcu is the concrete cube strength (MPa) and ρc is the column reinforcement
ratio, qc ¼ Aso

bcdc
, where Aso is the area of the layer of steel reinforcement farthest

from the maximum compression region in the column (mm2), Ajs is the area of the
transverse reinforcement (mm2) crossing the diagonal plane from corner to corner
of the joint between the beam compression and tension reinforcements, N is the
column axial load (in N), and fyv is the tensile strength of the transverse rein-
forcement (MPa).

2.1.2 Scott et al. Model

Scott et al. [8] suggested a model based only on a single diagonal strut mechanism
without the horizontal and vertical mechanisms. The formulae suggested are,

vcrsh ¼ 2
ffiffiffiffiffi
fcu

p
zcol
zbm

þ zbm
zcol

� � ð4Þ

Vcrsh ¼ vcrshbcdc ð5Þ

where, fcu is the concrete cube strength,
zbm
zcol

is the slope of the diagonal strut to the

horizontal in which, zcol is the distance between the two centers of outer column
reinforcement bars and zbm is determined by section analysis.

2.1.3 Vollum Model

This model was proposed by Vollum [10] for exterior joints with or without the
transverse reinforcements. Vollum and Newman [11] concluded that a realistic strut
and tie model is difficult to construct due to its complexity. The difficulties lie in the
determination of nodal sizes, column bar forces and the width of strut. The sug-
gested equations of this model are,

Vc ¼ 0:642b 1þ 0:552 2� hb=hcð Þ½ �bchc
ffiffiffiffi
f 0c

p ð6Þ
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Vj ¼ max Vc �c hc
ffiffiffiffi
f 0c

p� �þ AsjfyVc
� �

� 0:97 bchc
ffiffiffiffi
f 0c

p
1þ 0:552 2� hb=hcð Þ½ �

� 1:33 bchc
ffiffiffiffi
f 0c

p ð7Þ

The Eq. 6 is for joints without transverse reinforcement and Eq. 7 is for joints
with transverse reinforcements. The β depends on the anchorage detail, β = 1.0 for
type A, β = 0.9 for type C, α represents the effect of column axial load and concrete
strength and is taken as 0.2, hc and hb are the depths of column and beam
respectively, bc is the width of column, f′c is the concrete cylinder strength and fy is
the yield stress of reinforcement, Asj is the area of the stirrups within the top two
thirds of the beam in the joint depth below the main beam reinforcement.

2.1.4 Bakir and Boduroğlu Model

Bakir and Boduroğlu [1] proposed a model based on the regression analysis of
available data reported by various researchers. In this model, the percentage of
beam reinforcement and the aspect ratio of the joint are considered. The total joint
shear strength is a sum of the strength contributed by the concrete and the steel.

Vc ¼ 0:71 bcq0:4289s

hb
hc

	 
0:61

bc þ bb
2

� �
hc

ffiffiffiffi
f 0c

p ð8Þ

Vs ¼ aAsjefy: ð9Þ

The parameter β represents the anchorage detail where, β = 1.0 for anchorage
type A, β = 0.85 for anchorage type C, γ = 1.37 for inclined bars in the joint and
γ = 1.0 for others, α = 0.664 for joints with less transverse reinforcement, 0.6 for
medium reinforcements and 0.37 for higher reinforcements, Asje represents
the transverse reinforcement area in the joint, ρs is the percentage of tension steel in
the beam, bc and bb are the widths of column and beam respectively, hc and hb are
the depths of column and beam respectively, fc

′ is the concrete cylinder strength and
fy is the yield stress of reinforcement.

2.1.5 Hegger et al. Model

Hegger et al. [4] developed a model which considers the column reinforcement ratio
and joint aspect ratio in calculating the joint shear strength. The suggested relations
for the model are given in Eqs. 10–12, as,
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Vj ¼ Vc þ Vs ð10Þ

Vs ¼ a2Asj;eff fy ð11Þ

Vc ¼ a1ABC bf hc ð12Þ

where, α1 represents the anchorage detail, α1 = 0.95 for type A, α1 = 0.85 for type
C, A, B and C are the parameters representing the effect of aspect ratio, the effect of
column reinforcement ratio and the ratio of concrete strength respectively, α2 is the
efficiency of transverse reinforcements, Asj,eff is the effective area of transverse
reinforcements in the joint.

2.2 Comparison of Empirical Models

The shear strengths of the beam–column joints predicted by the empirical models
are compared to understand the accuracy of the models (presented in Table 1). The
specimen details reported in Fujii and Morita [3] (specimens K-B1, B4) is used to
compare the models. The models which directly predict the shear strength of the
joints are used to compare the results. The comparison is shown in Table 1.

From the above table, it is observed that the Vollum model predicts the shear
strength of the joints with better accuracy but it overestimates the shear strength of
the beam–column joints. Hegger et al. model and Scott et al. model are also
observed to have good accuracy in predicting the joint shear strength.

2.3 Analytical Models

2.3.1 Softened Strut and Tie Model (SSAT)

Selection of the mechanism of the model is based on the load transfer mechanism
within the joint. Usually, the strut-tie models are considered to satisfy only the
equilibrium conditions. The satisfaction of other conditions like compatibility and
constitutive relations can be achieved only through selection of a proper strut-tie
and mechanisms based on force flow. Figure 1a shows how a strut is formed in an
exterior joint from the load conditions, the joint experiences during an earthquake.

The principal stresses in the joint panel can be visualized through a linear finite
element simulation model of a square joint sample (as shown in Fig. 1b). This
figure can be used to validate the assumption that the principal direction of com-
pression lies with the direction of diagonal strut, but is valid to some extent of the
aspect ratio of the joint. The free body diagram of the strut and tie mechanism is
shown in Fig. 2. The formulation of softened strut-tie model for the interior joint is
same as the model for exterior joint.
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Fig. 1 a Diagonal strut mechanism, b force transfer obtained from finite element modelling

Fig. 2 Free body diagram
of the strut-and-tie model
in the joint
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From the force equilibrium equations, the horizontal shear force acting in the
joint can be determined by

Vjh ¼ Tb1 þ Cb2 � Vc1 ð13Þ

where, Cb2 is the compressive force resulting from the compression zone of beam.
In reality, the tensile force Tb1 do not necessarily coincide with the compressive
force Cb2. For the sake of simplicity in computations, they are assumed to be
coincidental.

The strain in the principal direction of tension can be calculated from the relation
given by the two dimensional strain compatibility condition,

er þ ed ¼ eh þ ev: ð14Þ

Equation (14) is used to determine the principal strain value, which is used to
calculate the softening coefficient of concrete at a given state of stress. The pro-
cedure needs an iterative technique (as proposed by Hwang and Lee [5]) for the
evaluation of the strain in joint for carrying a particular amount shear.

2.3.2 Modified Rotating Angle Softened Truss Mechanism (MRA-STM)

In MRA-STM, the reinforced concrete beam–column joints are considered as
reinforced concrete shear panels subjected to horizontal and vertical shear forces
from the adjacent beams and columns. This model employs the deep beam analogy
which represents the strut and truss actions in a typical beam–column joint by
effective compression stresses and softened concrete truss mechanism. The model
was derived from the Modified Compression Field Theory (MCFT) proposed by
Vecchio and Collins [9] and Collins et al. [2]; and Rotating Angle-Softened Truss
Model (RA-STM) where the contribution of concrete is adequately considered in
cracked concrete membrane elements.

Relations for Average Stresses and Strains of Cracked Concrete

Average stresses of cracked concrete can be derived using the Mohr’s circle (shown
in Fig. 3) as:

fcx ¼ fc1 � vcxy cot h ð15Þ

fcy ¼ fc1 � vcxy tan h ð16Þ

vcxy ¼ fc1 � fc2
2

sin 2h ð17Þ
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where, fcx and fcy are the average concrete stresses in x and y directions respectively,
fc1 and fc2 are the average principal stresses of concrete in 1 and 2 directions, vcxy is
the average shear stress in x–y coordinate system, θ is the inclination of principal
compressive stress in concrete.

Similarly, the average strains of the cracked concrete are derived from the
Mohr’s circle as:

ecx ¼ ec1 � ec2
2

1� cos 2hð Þ þ ec2 ð18Þ

ecy ¼ ecx þ ec1 � ec2ð Þ cos 2h ð19Þ

ccxy ¼ 2 ecy � ec2
� �

tan h ð20Þ

where, ecx and ecy are the average concrete strains in x and y directions respectively,
ec1 and ec2 are the average principal strains of concrete in 1 and 2 directions, ccxy is
the average shear strain in x–y coordinate system.

To determine the steel stresses and check the stress equilibrium of the reinforced
concrete membrane elements, the total strains should be determined. The total
smeared strains in the x and y directions εx and εy are shown in the Fig. 4. The local
strains at the cracks are calculated prior to obtaining total strains.

Fig. 3 Stresses of cracked
reinforced concrete membrane
[12]
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2.4 Comparison Between SSAT Model and MRA-STM

The two models discussed in the previous section are compared with the test results
available in literature. The comparison is done with the same specimen details of
Meinheit and Jirsa [6] which is used to validate both the softened strut and tie
model and the modified rotating angle-softened truss model (as presented in
Table 2). It is found that the predicted joint shear strength obtained from both the
models is well corroborated with the reported test results. The percentage difference
is evaluated against the experimental test results reported in the literature. The
comparison is given in the table given below.

It is observed from the above table that both models predict the joint shear
strength with good accuracy. The MRA-STM is found to have better results than
the SSAT, but the model overestimates the shear strength of beam–column joints,
whereas SSAT underestimates the shear strength in most cases. This is due to the
consideration of post peak behaviour of the concrete stress–strain relationship in the
MRA-STM.

Fig. 4 Strain state of diagonal concrete strut

Table 2 Comparison between SSAT and MRA-STM

Test results
(kN)

Vjh_SSAT

(kN)
% difference
(SSAT)

Vjh_MRA

(kN)
% difference
(MRA-STM)

1,089.4 1,151 5.65 1,188.8 9.12

1,596.3 1,487 −6.85 1,691.2 5.94

1,227.2 1,167 −4.91 1,323.4 7.84

1,529.6 974 −36.32 1,612.2 5.4

1,645.2 1,595 −3.05 1,717.1 4.37

1,947.5 1,303 −33.09 1,995.7 2.47

1,556.2 1,564 0.5 1,661.4 6.76
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3 Conclusion

The present study focuses on evaluation of the available models (both empirical and
analytical) for joint shear strength evaluation. Among the empirical models, it is
found that the Vollum model, Hegger et al. model and Scott et al. model predict the
shear strength of the exterior beam–column joints with good accuracy. The softened
strut and tie model is able to predict the mode of failure of the beam–column joint
along with the joint shear strength. In softened strut and tie model, it is assumed that
the principal plane angle and the crack angle are coincidental. Whereas, the mod-
ified rotating angle softened truss model assumes it non-coincidental, which is more
realistic. The modified rotating angle softened truss model also predicts the shear
strength of the beam–column joints with good accuracy. This model simulates the
post peak behavior of the cracked concrete also. These two analytical models tend
to have not only the shear strength of the beam–column joints but also give insight
to the various force transfer and failure mechanisms in the joint region. It is sig-
nificant to note that empirical models are too simplistic and based on few key
parameters which vary from researchers to researchers. On the other hand, the
analytical models are technically sound and combines the mechanics of material
and structure. However, the analytical models differ from the stress state,
assumption on crack formation, role of concrete after crack etc. that is evident from
the present study.
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Seismic Performance of Flat Slab
Buildings

Subhajit Sen and Yogendra Singh

Abstract Flat slab system is becoming widely popular for multistorey buildings due
to its several advantages. But performance of flat slab buildings under earthquake
loading is unsatisfactory due to its vulnerability to punching shear failure. Several
codes provide the guidelines for deigning flat slab system under gravity load only.
However flat slab buildings are also being constructed in high seismicity region
which can cause collapse of the buildings under seismic loading. In this paper,
performance offlat slab buildings designed as per existing code guidelines have been
evaluated under earthquake loading. This study is carried out on a five and a ten
storied buildings with identical plan. These buildings have been designed as per
guidelines of Indian code, ACI code, Eurocode and New Zealand code. Nonlinear
static analysis has been carried out to evaluate the performance of these buildings
with and without considering the continuity of slab bottom reinforcement through
column cages. Equivalent frame approach with transverse torsional members has
been used to model these flat slab buildings. From the results of nonlinear analysis it
is clear that most of the buildings are not ensuring CP performance for MCE level of
hazard in high seismicity areas. Continuity of slab bottom reinforcement has an
influence on performance of flat slab buildings. It improves the performance of the
buildings. Maximum inter-storey drifts of the buildings at collapse have been
compared with the limiting value of maximum inter-storey drifts corresponding to
gravity shear ratio, given in literature. It is found that most of the buildings analyzed
here are collapsing at an inter-storey drifts lower than that prescribed in literature.

Keywords Flat slab � Earthquake � Design � Code � Nonlinear analysis � Seismic
performance
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1 Introduction

Flat slab is a reinforced concrete slab supported directly by columns without use of
beams. Sometimes drop panels and capitals are also provided around and at the top
of columns in flat slab buildings. Flat slab system is becoming widely popular for
multistorey buildings due to its several advantages, e.g. easy to construct, eco-
nomical, larger clear height and lesser building height. Though flat slab structures
have several advantages, their performance under earthquake loading is doubtful.
Flat slab buildings are very flexible and undergo large deflection under lateral load
induced by earthquake. Flat slabs generally fail in punching shear mode which is a
brittle mode of failure and reduces the ductility of the structures. In past earthquake,
flat slab buildings face sudden collapse due to punching shear failure.

Most of the codes provide guidelines for designing flat slab buildings under
gravity loads only. However flat slab buildings are also being constructed in high
seismicity region which can cause collapse of the buildings under a major earth-
quake. In this study, guidelines of IS 456 [10], ACI 318 [1], EC 2 [6] and NZS
3101 (Part 1) [13] are used for design flat slab buildings. Performance of these
buildings is evaluated using nonlinear static analysis for ground acceleration 0.36 g
at rocky site.

2 Modelling of Flat Slabs

Two approaches, viz. finite element approach and equivalent frame method, are
available for modelling flat slab buildings. In finite element approach, flat slabs can
be modelled using plate bending elements or shell elements. For reasonably
accurate results, large number of elements is required for meshing in finite element
approach. This approach increases the cost of analysis for large buildings. The
equivalent frame approach is relatively economical and easy to use for simulating
seismic response of flat slab buildings. In this approach, flat slabs are modelled as
beam members of equivalent width. Equivalent width (αl2) of flat slab can be
estimated using the following expression, proposed by Elwood et al. [5]:

for interior supports al2 ¼ 2c1 þ l1
3

� �
ð1Þ

for edge supports al2 ¼ c1 þ l1
6

� �
ð2Þ

where, α is equivalent width factor, l1 is length of slab panel (c/c of support) in the
direction parallel to lateral load, l2 is length of slab panel (c/c of support) in the
direction transverse to lateral load, and c1 is column dimension in the direction
parallel of lateral loading.
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Depth of beam members is kept same as thickness of flat slab. In this study,
equivalent frame method proposed by Elwood et al. [5] has been used for modelling
flat slab buildings. According to this method, the equivalent beams are connected to
columns through ‘explicit’ torsional members. Torsional members represent the
transfer of unbalanced moments, from slab to column, through torsion [4]. These
members are modelled as rigid in all other degrees of freedom (DOFs), except for
torsional DOF. To neutralize the additional moments due to offset between equiva-
lent beams and column, two beam members, each having half the stiffness and
strength of the equivalent beam, are connected to both sides of the column as shown
in Fig. 1 Stiffness (Kt) of the torsional member under lateral loading [11] is estimated
using equation Eq. (3). Effective stiffness factor (Table 1) for cracked slab section is
taken as 0.33, and for column sections as recommended by ASCE/SEI 41 [3].

Kt ¼
X 6EC

l2 1� c2=l2ð Þ½ �2 ð3Þ

C ¼
X

1� 0:63
x
y

� �
x3y
3

ð4Þ

where, c2 is size of column in the direction transverse to the lateral load, x and y are
the short and long dimensions of rectangular part of slab portion which transfers
torsion (in flat slab x is depth of slab and y represents the column size in the
direction of lateral loading).

Fig. 1 Equivalent frame
modelling of flat slab systems

Table 1 Effective stiffness factor for modeling of different members [3, 5]

Member Effective stiffness factor

Flexure rigidity Shear rigidity

Equivalent beam 0.33 0.40

Column with compression due to gravity load � 0:5Agf
0
c

0.70 0.40

Column with compression due to gravity load � 0:3Agf
0
c

or with tension
0.50 0.40
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For nonlinear analysis, three different types of plastic hinges are assigned to
different members. Flexural hinges are assigned at the ends of the equivalent beam
members. These represent the flexural capacity of flat slab near slab column con-
nection. Punching shear capacity of slab-column connection is represented by
torsional hinges assigned to fictitious torsional elements as per Hueste and Wight
[7]. Torsional capacity (MT) of these hinges is calculated using Eqs. (5) and (6).
Rotational properties of torsional hinges are assigned as per Elwood et al. [5].
P–M–M interaction hinges are assigned at the ends of columns to represent the axial
force-moment capacity of columns.

MT ¼ min
Mf

cf
;
Mv

cv

( )
ð5Þ

vn ¼ Vg

b0d
þ Mf c

J
ð6Þ

where,Mf is the capacity of moment transfer through flexure, and calculated based on
transfer width of c2 + 5 h, h is overall depth of flat slab, Mv is capacity of moment
transfer through eccentric shear, γf is factor used to determine the unbalancedmoment
transferred by flexure at slab–column connections, γv is factor used to determine the
unbalanced moment transferred by torsion at slab-column connections, Vg is shear
force due to gravity load, b0 is perimeter of critical section, d is effective depth of slab,
c is distance from the centroid of the critical section to the perimeter of the critical
section, and J is polar moment of inertia of the critical section.

3 Seismic Performance

To study the seismic performance of flat slab buildings, designed for different codes,
two sets of buildings, 5 storey and 10 storey tall, with identical plan shown in Fig. 2
have been considered. Each storey in the buildings is 2.8 m tall and consists of nine
square slab panels having plan dimension 5 m × 5 m. The live load on floors has been
considered as 2.5 kN/m2. The buildings are designed for IS 456 [10], IS 13920 [8],
ACI 318 [1], EC 2 [6] and NZS 3101 (Part 1) [13], Priestley et al. [12]. These codes
provide the guideline for designing flat slabs for gravity load only. Two configura-
tions of flat slab buildings are considered. In first case, no edge beam is considered
and in second case edge beams are considered along perimeter of slab. In case of flat
slab without edge beams, torsional portion of unbalance moment at the exterior
support causes excessive punching shear stress, and design offlat slab is governed by
punching shear failure at the exterior slab-column support. In flat slabs with edge
beams, the unbalanced moment at exterior support is transferred through the edge
beams, resulting in significant reduction in punching shear stress at slab column
connection, which leads to reduction in thickness of slab. In the present study, design
of flat slabs with edge beams is governed by deflection criteria. The characteristic
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compressive strength of concrete (95 percentile cube compressive strength) and yield
strength of reinforcing steel are considered as 30 and 415 MPa, respectively. Details
of flat slab buildings with and without edge beams are shown in Tables 2 and 3.
Among the different buildings without edge beams, the slab designed by EC 2 [6] has
the maximum thickness, whereas for ACI 318 [1] the required thickness is minimum.
All the flat slabs with edge beams have lower slab thickness as compared to flat slabs
with perimeter beams.

Fig. 2 Plan of the flat slab buildings: a without edge beams; b with edge beams

Table 2 Section details for flat slab buildings without perimeter beams

Design code 5 storey building 10 storey building

Slab thickness
(mm)

Column size
(m × m)

Slab thickness
(mm)

Column size
(m × m)

IS 456:2000 270 0.4 × 0.4 275 0.5 × 0.5

ACI 318—08 225 0.4 × 0.4 200 0.5 × 0.5

EC 2:2004 325 0.4 × 0.4 325 0.5 × 0.5

NZS 3101 (Part 1)—2006 250 0.4 × 0.4 200 0.5 × 0.5

Table 3 Section details for flat slab buildings with perimeter beams

Design code 5 storey building 10 storey building

Slab
thickness
(mm)

Column
size
(m × m)

Edge
beam
(m × m)

Slab
thickness
(mm)

Column
size
(m × m)

Edge
beam
(m × m)

IS 456:2000 140 0.4 × 0.4 0.3 × 0.4 140 0.5 × 0.5 0.3 × 0.4

ACI 318—08 165 0.4 × 0.4 0.3 × 0.4 165 0.5 × 0.5 0.3 × 0.4

EC 2:2004 200 0.4 × 0.4 0.3 × 0.4 200 0.5 × 0.5 0.3 × 0.4

NZS 3101 (Part 1)—2006 175 0.4 × 0.4 0.3 × 0.4 175 0.5 × 0.5 0.3 × 0.4
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Gravity shear ratio, the ratio of shear force due to gravity load at the slab-column
connection and punching shear force capacity at critical section, has a very
important role in failure of flat slab. Gravity shear ratios of all the considered
buildings are shown in Table 4. Slabs designed for EC 2 [6] have the minimum
gravity shear ratio.

Nonlinear static analysis has been carried out to evaluate the performance of
these buildings with and without considering the continuity of slab bottom rein-
forcement through column cages. Hinge pattern for flat slab buildings with and
without edge beams are shown in Figs. 3 and 4. All the flat slab buildings without
edge beams and without continuity of slab bottom reinforcement fail in punching
shear at the edge supports. In case of flat slab buildings with continuity of slab
bottom reinforcement, the plastic rotation capacity in punching shear failure
increases, and failure is governed by flexural capacity of the slab. All the buildings
with edge beams also do not fail in punching shear, as the thicknesses of slabs in
these buildings is governed by deflection criterion, resulting in significant over
strength in punching shear. As these buildings are not failing in punching shear,
continuity of slab bottom reinforcement does not influence behavior of these
buildings and no separate analysis for continuity of slab bottom reinforcement has
been carried out. Capacity curves obtained from nonlinear analysis of flat slab
buildings without perimeter beams are plotted in Figs. 5, 6 and 7. From the plots, it
is clear that flat slab buildings designed as per guidelines of EC 2 [6] have the
maximum strength capacity. As the column sections of all the buildings of a par-
ticular heightare identical, the strength capacity mainly depends on the thicknesses
of the flat slabs. Capacity curves for 10 storey building without edge beams,
designed for ACI 318 [1] and NZS 3101 (Part 1) [13] are identical as the thick-
nesses of slabs in the two buildings is same. Inelastic roof displacements of the
buildings are calculated using the Displacement Modification Method (DMM)
outlined in ASCE/SEI 41. Performance of the buildings, is evaluated for ground
acceleration of 0.36 g (MCE in Indian seismic zone V as per IS 1893 [9]) at rocky
site, and is summarized in Tables 5, 6 and 7. In case of flat slabs without perimeter
beams, only 5 storey buildings designed for EC 2 [6] provide collapse prevention
(CP) performance level without considering continuity of slab reinforcement
through column cages. While considering continuity of slab reinforcement through
column cages, all the 5 storey buildings and 10 storey buildings designed by EC 2
[6] provide CP performance level. This shows that continuity of slab reinforcement

Table 4 Gravity shear ratios at the slab column joints of flat slab buildings

Design code Without perimeter beams With perimeter beams

5 storey 10 storey 5 storey 10 storey

IS 456:2000 0.24 0.20 0.39 0.33

ACI 318—08 0.27 0.25 0.35 0.3

EC 2:2004 0.21 0.18 0.3 0.25

NZS 3101 (Part 1)—2006 0.26 0.25 0.33 0.3
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Yielding, Immediate occupancy, Life Safety,[ -  - - - Collapse Prevention]

(a) (b)

Fig. 4 Typical hinge patterns of flat slab buildings with edge beams: a 5 storey building, b 10
storey building

Yielding, Immediate occupancy, Life Safety, [ - - - - Collapse Prevention]

(a) (b)

(c) (d)

Fig. 3 Typical hinge patterns of flat slab buildings without edge beams: a 5 storey building
without continuity of slab bottom reinforcement, b 10 storey building without continuity of slab
bottom reinforcement, c 5 storey building with continuity of slab bottom reinforcement, d 10
storey building with continuity of slab bottom reinforcement
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Fig. 5 Capacity curves for flat slab buildings without edge beams and without continuity of slab
bottom reinforcement: a 5 storey buildings, b 10 storey buildings

Fig. 6 Capacity curves for flat slab buildings without edge beams and with continuity of slab
bottom reinforcement: a 5 storey buildings, b 10 storey buildings

Fig. 7 Capacity curves for flat slab buildings with perimeter beams: a 5 storey buildings, b 10
storey buildings
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Table 5 Estimated performance levels of flat slab buildings without continuity of slab
reinforcements, at MCE

No. of
storeys

Design code Inelastic roof
displacement
(mm)

Maximum roof
displacement for CP
performance level (mm)

Performance
level

5 IS 456: 2000 180 136 Collapse

ACI 318—08 219 119 Collapse

EC 2:2004 156 164 CP

NZS 3101 (Part 1)—2006 205 125 Collapse

10 IS 456: 2000 356 260 Collapse

ACI 318—08 450 222 Collapse

EC 2:2004 285 266 Collapse

NZS 3101 (Part 1)—2006 450 222 Collapse

Table 6 Estimated performance levels of flat slab buildings with continuity of slab reinforce-
ments, at MCE

No. of
storeys

Design code Inelastic roof
displacement
(mm)

Maximum roof
displacement for CP
performance level (mm)

Performance
level

5 IS 456: 2000 180 218 CP

ACI 318—08 217 222 CP

EC 2:2004 156 170 CP

NZS 3101 (Part 1)—2006 204 210 CP

10 IS 456: 2000 359 300 Collapse

ACI 318—08 450 343 Collapse

EC 2:2004 275 302 CP

NZS 3101 (Part 1)—2006 450 343 Collapse

Table 7 Estimated performance levels of flat slab buildings with perimeter beams, at MCE

No. of
storeys

Design code Inelastic roof
displacement
(mm)

Maximum roof
displacement for CP
performance level
(mm)

Performance
level

5 IS 456: 2000 144 186 CP

ACI 318—08 145 155 CP

EC 2:2004 141 164 CP

NZS 3101 (Part 1)—2006 145 142 Collapse

10 IS 456: 2000 262 290 CP

ACI 318—08 265 245 Collapse

EC 2:2004 270 285 CP

NZS 3101 (Part 1)—2006 264 225 Collapse

Seismic Performance of Flat Slab Buildings 905



through column cages improves the performance of flat slab buildings, significantly.
In case of flat slabs with edge beams, 10 storey building designed according to ACI
318 [1] and both 5 and 10 storey buildings designed according to NZS 3101 (Part 1)
[13] do not ensure CP performance level.

Several plots for the limiting values of inter-storey drift corresponding to failure
of flat slab buildings as a function of gravity shear ratio are available in literature.
Among these, the limits prescribed in ACI 318 [2] are the most conservative.
Figures 8 and 9 show the comparison of the maximum inter-storey drifts at failure
of different flat slab buildings considered in this study, with the limiting values
available in literature. Most of the buildings analyzed here collapsed at inter-storey
drifts slightly lower than those prescribed in literature.

Fig. 8 Comparison of maximum inter storey drift for flat slab buildings, designed for different
codes, with drift limits at failure, prescribed in literature: a without continuity of slab bottom
reinforcement, b with continuity of slab bottom reinforcement

Fig. 9 Comparison of
maximum inter storey drift for
flat slab buildings with
perimeter beam, designed for
different codes, with drift
limits at failure, prescribed in
literature
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4 Conclusions

Performance of most of the flat slab buildings without edge beams, considered in
the present study, has been found to be unsatisfactory, except for 5 storey buildings
with continuity of slab reinforcement. The failure of flat slab buildings is mostly
governed by the punching shear failure at slab-column joints along the perimeter.
Edge beams in flat slabs result in enhancement of punching shear capacity at these
joints and avoid failure in punching shear. Continuity of slab bottom reinforcement
also improves the performance of flat slab buildings, significantly. The analytically
obtained ultimate drift capacity of all the flat slab buildings, considered in the
present study, is slightly lower than the corresponding drift limits available in
literature.
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Experimental Investigations on Seismic
Performance of Gravity Load Designed
and Corrosion Affected Beam Column
Sub-assemblages

A. Kanchana Devi, Saptarshi Sasmal and K. Ramanjaneyulu

Abstract Most of the reinforced concrete structures were designed only for gravity
loads, even in the regions prone to high seismicity. Though these structures perform
well under gravity load cases, their performance under seismic event is still a grey
area. In RC structures, beam-column joints are crucial members, to dissipate the
seismic energy imparted to the structure. It is evidenced that most of the reinforced
concrete structures are severely affected by the corrosion and the performance of
those structures under seismic events needs special attention. In view of this,
investigations are carried out to evaluate the performance of the gravity load
designed (GLD) uncorroded and corrosion affected beam-column sub-assemblages
under reverse cyclic loading. The study not only brings out the extreme vulnera-
bility of GLD structures under seismic events, but also points out the further
detrimental situation due to corrosion in the RC structures. The findings of the
present study will be helpful to formulate the adequate strengthening measures for
improved seismic performance of the deficient- and degraded- structures to avoid
catastrophic failures under seismic events.

Keywords Beam column � Corrosion effect � Gravity load design

1 Introduction

The catastrophic collapse of the existing structures experienced during past earth-
quakes necessitates the study of the performance of such old structures under the
seismic activity. Moreover, most of the old reinforced concrete (RC) structures
(built in pre 1960s) are gravity load designed and thereby exhibit extremely poor
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seismic performance. In RC structures, beam-column joints are the crucial
members, which are responsible to dissipate the seismic energy imparted to the
structure. Hence, an investigation of joint behaviour under seismic type loading
provides the insight on the seismic performance and thereby enabling to develop
suitable, adequate and feasible upgradation schemes to improve its seismic per-
formance. Numerous analytical and experimental investigations were reported to
understand the seismic behavior of existing structures and to bring out the possible
scopes for improvements in design and detailing for the structures in seismic prone
zones. Aycardi et al. [3] studied the performance of Gravity load Designed (GLD)
sub assemblages (according to ACI 318–389, 1989) under seismic loading and also
attempted to analytically model the seismic behavior to identify the parameters
which play the key role under seismic loading. Bracci et al. [4] conducted a series of
tests to evaluate the seismic resistance of GLD structural frames (according to ACI
318–389, 1989) and found that the GLD structures mainly suffered from strong
beam-weak column behavior with poor reinforcement detailing. El-Attar et al. [8]
studied the behavior of GLD buildings (according to ACI 318–389, 1989) under
seismic loading and observed that GLD RC buildings without walls would expe-
rience very large deformations associated with considerable stiffness degradation
during a moderate earthquake.

A gravity load collapse mechanism of RC frames was investigated by Elwood
and Moehle [9] using shake table test to observe the process of failure due to
dynamic shear and axial load. The RC frame was characterized by low ductile
columns with a predominant shear failure mode, which is found to accelerate the
lateral strength degradation process. It was concluded that axial stress on the col-
umn influences the behavior of the column during shaking, particularly after shear
failure. Dhakal et al. [6] carried out an experimental study on dynamic response of
GLD RC connections (according to British Standard BS 8110–1985). It was
observed that, the connection zones are most important parts in dissipating energy
during earthquake, most of the GLD connections are weaker than the adjoining
structure and failed in shear. Ramanjaneyulu et al. [12] evaluated the seismic
performance of exterior beam-column sub-assemblages by considering different
stages of Eurocode (EC) and Indian Standard (IS). It is found that the gravity load
designed (GLD) structure is vulnerable to even medium intensity earthquake.

Corrosion of reinforcement in concrete is a serious problem. Corrosion causes
three major effects in the RC structure (i) Induces the expansive force in the
surrounding concrete (ii) Reduces the mechanical properties of the steel rein-
forcement (iii) Depletes the bond between steel and surrounding concrete. The
effect of corrosion on mechanical properties of steel was studied by Maslehuddin
et al. [10], Almusallam [1], Palsson and Mirza [11], Du et al. [7], Shin et al. [13],
Cairns et al. [5], Apostolopoulos and Papadakis [2] and found that it reduces the
ductility and energy absorption capacity of steel significantly. In present study,
investigations are carried out to evaluate the performance of the gravity load
designed (GLD) uncorroded and corroded beam-column sub-assemblages under
reversed cycle loading.
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2 Details of Gravity Load Designed (GLD) Specimen SP1

A typical three storied RC Framed building with 6 span and 3.5 m each floor height is
taken up for the study. The building is analysed for combination of dead load, live
load and designed for the same. The cross section dimension of 300 mm × 400 mm
and 300 mm × 300 mm are arrived from the design for beam and column, respec-
tively. The beams and columns are designed for critical shear force and bending
moment. The reinforcement details arrived for SP1 specimens are given in Fig. 1. The
length of the beam is adopted as 1.7 m. The lengths of the top and bottom segments of
column are arrived based on proportion of moments at the joint and are found to be
0.950 and 2.450 m respectively Ramanjaneyulu et al. [12]. A mix proportion of 1
(cement): 2.25 (fine aggregate): 2.35 (coarse aggregate- 60 % 10 mm size, 40 %
20 mm size): 0.5 (w/c): 0.4 % (super plasticizer) was adopted for the present study.
The reinforcement steel of grade Fe500D is used. The characteristic compressive
strength of concrete cubes is found to be 36.17 N/mm2. The test specimen was
instrumented by affixing electrical resistance strain gages on beam and column
reinforcements (main bars, ties, stirrups) to measure the strain. Linear variable dif-
ferential transformer (LVDTs) were positioned at critical locations of beam and
column portions of the sub-assemblage to measure deformations and distortions.

3 Details of the Corrosion Damaged Specimen SP1-CR

The present study simulates the chloride induced corrosion on concrete structures that
are subjected to marine exposure. Specimen SP1-CR is subjected to accelerated

Fig. 1 Reinforcement details
of the gravity load designed
specimen
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corrosion by inducing impressed current. In the present study, beam reinforcements,
stirrups and portion of joint adjoining the beam are corroded. This is done so by
exposing the electrolyte in the region of interest. The main reinforcement (both top
and bottom) are connected to the positive terminal of the DC pack there by acting as
anode. The stainless plates are used as cathode and are connected to the negative
terminal of the DC pack. The beam and adjoining joint region are immersed in
solution of 3.5 % NaCl. A constant total impressed current of 5 A is applied to the
reinforcement and a voltage of 11.6 V recorded on the DC Pack. The specimen is
subjected to above condition for the period of 7 days until visible cracks appeared on
the surface of the concrete.

4 Experimental Set Up

The test set-up was arranged so that the beam-column joint can be tested horizontally.
The schematic diagram of test set-up and positioning of test specimen is shown in the
Fig. 2a. An axial load of 300 kN is applied to the column by hydraulic jack at one end
of the column against the reaction block at the other end. The level of axial load in
column was arrived by analysis of the global system of the three storey four bay
building. The axial load was kept constant during the test. The lateral load was
applied on the beam tip in displacement control mode using 50 ton actuator,
according to the load history shown in Fig. 2b. Reverse cyclic load is applied in terms
of drift ratio (%) of the component where the drift is calculated as Eq. (1).

Drift ratio %ð Þ ¼ Dl= lbð Þ ð1Þ

Fig. 2 a Test set up, b drift ratio versus time
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where, Dl and lb are the applied displacement at the beam tip and the length of the
beam from column face to the application point of the displacement respectively.
The lateral displacement increments have been applied in a quasi-static reverse
cyclic manner. Three complete cycles are applied for each drift increment.

5 Experimental Investigation on Uncorrodded (SP1)
and Corrosion Affected (SP1-CR) Specimens

The specimen SP1 and SP-CR are experimentally investigated under reverse cyclic
loading. The drift ratios are applied as displacement at the tip of the beam in the
displacement control mode. Since the specimens are designed only for gravity
loading, the beam bottom does not contain sufficient bottom reinforcement to resist
the cyclic loading. Hence, flexure crack developed from the beam bottom in SP1
during upward loading as shown in the Fig. 3a. With the further increase in loading,
diagonal cracks developed in the joint region. Upon further loading, the crack at
beam-column junction is widened and wedging of concrete occurred in the joint
region. A prominent crack along the joint line is observed at the failure stage
(Fig. 3a). In specimen SP1-CR flexure cracks, similar to SP1, are found to be

Fig. 3 a Crack pattern observed in Specimen–SP1. bCrack pattern observed in Specimen–SP1-CR
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developed at the initial stage of loading (Fig. 3b). With the further loading, diagonal
cracks developed in the joint region and propagated along the top and bottom
portion of the column. The cracks formed are wider than that formed in the SP1. At
final stage of loading, integrity of concrete was completely lost. Cover concrete
from the inner faces of the column adjacent to the joint peeled off. The expansive
forces exerted by the corrosion products damaged the surrounding concrete, which
resulted in excessive peeling of cover concrete.

6 Level of Corrosion in SP1-CR

The level of corrosion is estimated by gravimetric weight loss measurement. After
completion of tests on corrosion affected beam-column sub assemblage SP1-CR,
the reinforcements of the specimen were exposed. It is found that corrosion on top
and bottom beam reinforcement are found to be 2.1 and 5.37 % respectively.

7 Load-Displacement Hysteresis

The load displacement hysteresis obtained from the experiments are presented in
Fig. 4. It could be observed that both SP1 and SP1-CR exhibit poor performance in
reverse cyclic loading. Due to inadequate reinforcement in gravity load designed
specimen SP1 and further damage due to corrosion in SP1-CR, the performance of
both specimens are very poor which is clearly reflected through the load-dis-
placement hysteresis. The load displacement envelope of the SP1and SP-CR isas
shown in the Fig. 5. The maximum load carried by SP1-CR in the positive
displacement cycle is decreased by 21 % compared to that of uncorroded specimen
SP1. Corrosion of approximately 2 % in the top reinforcement did not produce
significant reduction in the load carrying capacity of the member.

8 Energy Dissipation Capacity

The energy dissipation capacity is the key performance parameter as most of the
energy imparted to system during earthquake is dissipated by the joint. The
cumulative energy dissipation capacity of specimens (SP1 and SP1-CR) and energy
dissipated in each cycle are shown in Fig. 6a, b respectively. The cumulative energy
dissipation capacity of the specimens remain almost same till the drift ratio of
1.47 % i.e. till the appearance of shear cracks at the joint. After the drift level of
1.47 %, there is drop in the energy dissipation by SP1-CR as shown in Fig. 6a. At
the drift ratio of 2.94 %, the cumulative energy dissipation capacity of the SP1-CR
decreased by 34 % compared to that of specimen SP1. It is found that both spec-
imens dissipate more energy in their first cycle but it depletes in subsequent two
cycles for all drift ratios as shown in Fig. 6b. The energy dissipated by the first
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cycle of SP1-CR is much lower than that of the SP1. At the drift ratio of 2.94 %, the
energy dissipated by the first cycle of SP1-CR is 35 % lower than that of SP1.

Fig. 4 Load-displacement hysteresis under reverse cyclic loading. a Load-displacement hysteresis
for cycle 1. b Load-displacement hysteresis for cycle 2. c Load-displacement hysteresis for cycle 3.
d Load-displacement hysteresis for cycle 4
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9 Stiffness Degradation

The stiffness degradation observed during the experiment is as shown in Fig. 7. At
the drift ratio of +0.74 %, the stiffness degradation remains almost same for both
specimens but after the drift ratio of +0.74 %, SP1-CR undergoes higher stiffness
degradation compared to SP1 during the positive displacement cycle. In the
negative drift cycles, with increase in the drift, stiffness degradation of the corroded

Fig. 4 (continued)

916 A. Kanchana Devi et al.



specimen is lower than SP1. At the drift ratio of +2.94 %, the stiffness degradation
of the first cycle of SP1-CR is 6 % higher than SP1. At the drift ratio of −2.94 %,
the stiffness degradation of specimen SP1-CR is 3 % lower than SP1. The stiffness
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Fig. 6 a Cumulative energy
dissipation capacity of the
specimens. b Energy
dissipation capacity of each
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degradation is large in positive drift cycle. The stiffness degradation observed in
both the specimens is given in Table 1.

10 Strength Degradation

The strength degradation of specimens SP1 and SP1-CR obtained for each cycle is
presented in Fig. 8. It is found that the strength degradation of specimen SP1-CR is
slightly higher than that of specimen SP1 as shown in Fig. 8. The strength
degradation percentage is higher during positive drift cycles compared to that of
negative drift cycles. The strength degradation increases with the increase in drift

Fig. 7 Stiffness degradation
of the specimens

Table 1 Stiffness degradation (%)

Drift ratio Cycle Stiffness degradation
(%) for SP1

Stiffness degradation
(%) for SP1-CR

+Drift cycle −Drift cycle +Drift cycle −Drift cycle

0.73 1 0.0 0.0 0.0 0.0

2 3.3 0.9 4.5 5.5

3 5.5 2.8 6.9 6.7

1.47 1 40.8 32.9 45.8 21.6

2 46.0 36.2 50.7 27.1

3 48.6 38.0 55.4 30.1

2.2 1 66.3 56.9 78.7 47.4

2 74.9 61.4 85.3 58.3

3 79.9 65.9 88.0 64.3

2.94 1 86.9 74.2 91.8 71.8

2 89.2 79.1 93.3 80.5

3 89.9 81.7 94.2 83.4
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(both positive and negative drift). At drift ratio of +2.2, the strength degradation
between first and third cycles of SP1 and SP1-CR are 40 and 49 % respectively. At
drift ratio of −2.2, the strength degradation between first and third cycles of SP1
and SP1-CR are 21 and 32 % respectively.

11 Concluding Remarks

The primary focus of the paper is to assess the seismic performance of GLD
specimen and to evaluate the degree of degradation in the performance when such
specimen is affected by corrosion. In the present study, the corrosion of the rein-
forcement is accelerated by inducing impressed current to the reinforcement. Both
uncorded (SP1) and corrosion affected (SP1-CR) gravity load designed beam
column sub-assemblages are tested under reverse cyclic loading. Important
parameters such as load-displacement hysteresis, energy dissipation and strength
and stiffness degradation are obtained for both the specimens. It is noted that
the maximum load carried by SP1-CR in the positive cycle decreased by 21 %
compared to that of SP-1. At the drift ratio of 2.94 % the cumulative energy
dissipation capacity of the SP1-CR is found to be 34 % less than that of SP1. The
study provides the insight into the seismic performance of deficient and deteriorated
beam-column sub-assemblages. The findings of the present study would help to
formulate the adequate strengthening measures for improved seismic performance
of the deficient- and degraded- beam column sub-assemblages.

Acknowledgments This paper is being published with the kind permission of Director, CSIR-
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gratefully acknowledged.

Fig. 8 Strength degradation
of the specimens
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Seismic Performance of Eccentrically
Braced Frame (EBF) Buildings

Abhishek Singhal and Yogendra Singh

Abstract Eccentrically Braced Frames (EBF) have been researched upon and also
implemented in practice worldwide, in the last three to four decades. However, the
Indian Steel design code is still silent on this topic and does not provide any design
provision for EBF. This paper is aimed to propose IS code compatible model design
guidelines for EBF buildings. The guidelines are proposed after conducting a
comparative study of design provisions from various national codes viz. American,
European and New Zealand.The adequacy of proposed model guidelines is
evaluated by modeling and designing suitable example buildings and subjecting
them to non-linear pushover analysis. Suitable variations were introduced in
examples by varying the number of storeys as five and ten; and designing the
buildings as EBF with simple beam-column connections and moment resisting
frame-EBF dual systems. The observations from analysis of different buildings are
presented which indicate that EBF buildings demonstrated the ‘Life Safety’ per-
formance level for the Design Basis Earthquake (DBE) but failed to achieve the
desired ‘Collapse Prevention’ performance at the Maximum Considered Earthquake
(MCE). Performance of buildings with dual lateral load resisting system, improved
but was still not satisfactory along one direction at MCE hazard level. The paper
discusses the efficacy of proposed model design guidelines for application of lateral
loading and the potential issues in the satisfactory design of EBF buildings.
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1 Introduction

Eccentrically Braced Frames (EBF) are relatively newer lateral load resisting
building frame systems as compared to the Moment Resisting Frames (MRF) and
Concentrically Braced Frames (CBF). A typical EBF consists of beams, columns
and diagonal braces provided such that the braces intersect at an eccentricity to
isolate a part of the beam. This isolated part of beam is called a link, subjected to
high levels of shear and flexure forces, plays an important role in EBF behavior.
Hjelmstad and Popov [8] have demonstrated that for increase in link length to bay
length ratio, the stiffness of EBF fame decreases. Popov and Engelhardt [12] have
demonstrated that the link length decides whether the link will yield in shear or
flexure. Thus, link length is an important parameter in EBF design. However, the
optimum link length required for sound design of EBF is still an unresolved issue
and is discussed in this study.

Major national seismic and steel design codes provide detailed design provisions
for EBF buildings. The codes rely on force based design methodology and differ
primarily on the recommended value of response reduction factor (R). This study is
a step towards developing the model design guidelines for EBF buildings,
compatible for Indian steel code, and examines their adequacy by designing and
evaluating performance of suitable example buildings, using non-linear static
analysis. The study also attempts to evaluate the adequacy for R factor value as
prescribed by Indian seismic design code.

2 Design Provisions for EBF in Different Codes

This section provides a comparative study between design guidelines given in
different codes, viz. American; European; and New Zealand. Wherever the relevant
guidelines are provided in the Indian codes, these provisions are also included in the
comparative study.

The different codes adopt different values of response reduction factor (R) or
behavior modification factor (q) to obtain the design level forces in structure,
accounting for the inelastic energy dissipation. The values of reduction factors
recommended in different codes are given in Table 1 for buildings employing EBF
system. The American and Indian code provide a constant value of reduction factor.
In the European code, separate values are provided for various ductility classes. The
New Zealand code gives exhaustive relations for reduction factor, given as (kµ/Sp),
which takes into account the structural ductility, µ, fundamental period of structure,
T1 and site class (defined as per soil’s unconfined compressive strength and shear
wave velocity). The factor kµ is given in Table 1 and Sp is structural performance
factor, again a function of µ.

The common design philosophy adopted across all the codes is the capacity
design approach in which all the inelastic activity of the EBF is concentrated in the

922 A. Singhal and Y. Singh



link only; and rest all of the members in the frame remain essentially elastic under
seismic loading. It is achieved by designing all the other members—braces, beams
outside links, and columns for yielding forces in link, enhanced by an overstrength
factor, as given in Table 2 for different codes. The American code includes material
overstrength factor, Ry for defining overstrength factor while the New Zealand code
gives a constant value. In the European code, material as well as any subjective
overstrength (which is provided during design of link) is considered in overstrength
factor. The subjective overstrength is given as a ratio of capacity of link section
(Vp, Mp) to the design forces in the link (Vd, Md), defined separately for shear or
flexure links. Thus the capacity design procedure of European code can be con-
sidered as the most rational among all the three codes.

In an EBF, the link undergoes plastic deformations due to yielding in shear
(in shear link) or in flexure (in flexure link). For a particular type of link—shear,
intermediate or flexure, guidelines are available in different codes for link length
and plastic rotation, which are presented in Table 3. It can be observed that the
limits of maximum permissible inelastic rotation are fairly constant across all codes.
Also, only a slight variation is seen in the limiting length values for different types
of link. Based on this comparative study, a set of model design guidelines, are
proposed and are presented in Table 4.

Table 1 Response reduction factors for EBF buildings

Code Reduction factor

ASCE 7-10 [5] 8

EN 1998-1 [6] 4 for ductility class DCM, 5 au=a1ð Þ for DCH where au=a1ð Þ = 1.2 for
EBF

NZS 1170.5 [2] For site class A, B, C, D kl ¼ l For T1 ≥ 0.7 s

NZS 1170.0 For site class A, B, C, D kl ¼ l � 1ð Þ T1=0:7
� �

þ 1 for T1 < 0.7 s.

For site class E kl ¼ l for T1 ≥ 1 s or µ < 1.5

For site class E kl ¼ l � 1:5ð Þ T1=0:7
� �

þ 1:5 for T1 < 1 s and

µ ≥ 1.5

IS 1893 (Part 1)
[8]

5

Table 2 Overstrength factor (for I-section links) in different codes

Frame
components

AISC 341-10 [1] EN 1998-1
(for shear links)

EN 1998-1
(for flexure links)

NZS 3404:
part 1-1997 [4]

Diagonal
braces and
connections

1.25 Ry 1.65 (Vp/Vd) Ry 1.65 (Mp/Md) Ry 1.4

Beams outside
links

0.88 times of the
forces for braces
and columns

1.65 (Vp/Vd) Ry 1.65 (Mp/Md) Ry 0.8 times of the
forces for braces
and columns

Columns 1.25 Ry 1.65 (Vp/Vd) Ry 1.65 (Mp/Md) Ry 1.4
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3 Role of Link Length

The literature review indicates that the link length influences the link yield mech-
anism and EBF stiffness. In this study, an exercise is conducted to study the
variation of displacement ductility with link length in an EBF. The displacement
ductility, µ can be estimated as the ratio of ultimate to yield storey drift. The yield
drift, θy in an EBF storey is computed using approximate relationships provided by
Priestley et al. [12].

The variation of estimated storey ductility is studied with respect to the ratio of
(e/L). A hypothetical EBF is selected with length of bay as 3.6 m and height of
frame as 3.3 m. The link cross-section is taken as Indian standard rolled section
ISHB 450. The length of the link is increased so that it behaves first as shear link
and then changes gradually to intermediate and finally as flexure link. The values of
Mp and Vp are calculated as per the model design guidelines in Table 4. The
variation between the storey ductility and (e/L) ratio is shown in Fig. 1. From the
figure, it can be seen that the shear links provide the highest ductility. The storey
ductility increases as the length of link increases within shear dominant range.
As the link enters intermediate range, the storey ductility starts decreasing.

Table 3 Link length and rotation angle as per various codes

Type of link AISC 341-10 EN 1998-1 NZS 3404: part 1-1997

Link length γp (rad) Link length γp (rad) Link length γp (rad)

Shear linksa (short
links)

es ≤ 1.6Mp/Vp 0.08 es ≤ 1.6Mp/Vp 0.08 es ≤ 1.6Mp/Vp 0.08b/0.03b

Intermediate links es < e < el Inter-
polation

es < e < el Inter-
polation

es < e < el Inter-polation

Flexural linksa

(long links)
el ≥ 2.6Mp/Vp 0.02 el ≥ 3.0Mp/Vp 0.02 el ≥ 3.0Mp/Vp 0.03

a es is the length of short links e1 is the length of long links
b 0.08 rad for links attached to beam and column flanges and 0.03 for links attached to column webs

Table 4 Model design guidelines for EBF

Parameter Proposed guidelines

Type of cross-section Category-1 for links, beams outside the link, and
columns; category-2 for braces.

Design capacity of link Relationships as provided in IS 800:2007 [11] for
beam design to be used.

Partial seismic load combination
factor for members outside links

a1:1c
OV
X where: α = partial load combination factor

used for links; γov = material overstrength factor;
Ω = minimum of 1.5(Vp/Vd) among all short links and
1.5(Mp/Md) among all intermediate and long links.

Permissible plastic rotation in link Maximum γp to be taken as 0.08 rad for link length
less than 1.6(Mp/Vp) and equal to 0.03 rad for length
greater than 2.6(Mp/Vp). For intermediate lengths,
interpolation to be done between the two values.
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This continues up to the limit of intermediate range of 2.6(Mp/Vp). After this limit,
the storey ductility again starts increasing but the increase is much milder as
compared to that for shear links. Thus, it can be inferred that to achieve the
maximum storey ductility, shear links should be used with length as close to 1.6
(Mp/Vp) as possible.

For optimum design of EBF buildings, the length of the links should be selected
to maximize the ductility and to obtain uniformity in stiffness along the height.
However, the optimum length of links also depends on the cross-sectional
dimensions of links, in the form of the ratio of plastic moment to plastic shear
capacity (Mp/Vp). Selecting suitable sections for links to maintain utilisation ratio
close to unity and simultaneously maximizing the storey ductility and maintaining
uniformity of stiffness, is a challenging task.

4 Design of Example EBF Buildings

The proposed guidelines have been tested by designing two sets of 5 and 10 storey
buildings. All the buildings have a common plan as shown in Fig. 2. Four
eccentrically braced bays have been provided in both longitudinal and transverse
directions. The two bays in transverse direction are separated by a corridor of 2 m
span, and are connected only by floor slab. The eccentric braces are provided only
in the exterior frames, whereas all the interior frames consist of only rectilinear
beams and columns. Two types of lateral load resisting structural systems are
considered in the present study. The first system consists of four bays of eccen-
trically braced frames and remaining bays of simply connected beam-columns. The
second system is a dual framing system consisting of EBF as primary and MRF as
secondary lateral load resisting elements. The buildings are assumed to be subjected
to seismic intensity equivalent to Zone V with Type III soil as per the Indian code,
IS 1893 (Part-1):2002, in addition to usual gravity loads as per relevant Indian

Fig. 1 Variation of storey
ductility with (e/L) ratio
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codes. The buildings are assumed to be having ordinary usage. The structural steel
is considered to be having yield strength of 250 N/mm2. A response reduction
factor of 5.0 has been used in design, to test the adequacy of the magnitude
prescribed in Indian seismic design code.

Cross-sections of all the link elements are chosen such that they act as shear
links, and assumed to be provided with sufficient number of web stiffeners, so that
they show the required ductility without any local web failure. To avoid subjective
overstrength, all the members of the buildings are designed such that the utilization
ratio of the cross-sections is close to unity. For the braces, columns, and the beams
not part of EBF, built-up hollow square sections are employed for designing. For
the links and the part of beams outside the links, two types of sections are used viz.
Indian standard rolled I-sections from SP: 6 (1)—1964 [13] and hypothetical
built-up I-sections. The built-up sections are used to achieve the maximum possible
ductility. To design the built-up sections, standard thickness plates from IS
1730:1989 [10] are used. The beams outside the links, braces and columns are
designed with an overstrength factor for seismic load as per model design
guidelines. The material overstrength ratio is taken as 1.3 corresponding to the
American A1043Gr.36 steel as per AISC 341-10, as the corresponding value for
the Indian steel are unavailable. The overstrength factor has estimated
as 1:1c

OV
X ¼ 1:1 � 1:3 � 1:5 � 1:0 ¼ 2:145ð Þ:

5 Performance Evaluation

To estimate the expected seismic performance of the designed buildings, static
non-linear analysis is performed. Static pushover Analysis is performed according
to the provisions of ASCE 41-06 [5].

The capacity curves for 5-storey buildings with different link sections are shown
in Fig. 3 for the orthogonal directions. Out of the two buildings, the building with
built-up I-section links has slightly higher yield base shear as well as yield
displacement. This can be attributed to the longer and uniform links provided in all

Fig. 2 Geometry of buildings considered in the study: a plan, b elevation along longitudinal
direction, and c elevation along transverse direction
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the storeys as compared to the other building. The longer links reduced the stiffness
and elongated the fundamental period of the building. In the longitudinal direction of
the building with standard I-section links, the links in fourth storey have collapsed at
Maximum Considered Earthquake (MCE). In the transverse direction, the top storey
links failed to show any inelastic activity in shear, whereas the plastic hinges in the
links of third storey reached Collapse level. The displacement ductility values of
4.97 and 5.91 are observed in the longitudinal and transverse directions, respec-
tively, as shown in Table 5. However, even with this ductility, this building failed to
achieve the desired CP performance at the MCE hazard level. The performance of
the buildings with built-up I-section links improved, with no link reaching collapse
in any direction. In the longitudinal direction, the shear hinges formed in links of
third and fourth storey reached CP performance level under MCE. In the transverse
direction, the links in the third storey reached CP performance level. With hypo-
thetical built-up sections, the building achieved the intended LS performance at
Design Basis Earthquake (DBE) level and CP performance at MCE level.

The capacity curves for the 10 storey buildings are presented in Fig. 4, for
longitudinal and transverse directions. From the figure, it can be observed that both
the buildings have yielded at almost equal level of base shear. However, the
corresponding yield roof displacement differs in the two buildings. This can be
attributed to high value of link to span length (e/L) ratio in building with built-up
I-sections for links. The performance of the 10-storey building with standard
I-sections has been unsatisfactory, with the building collapsing in both the direc-
tions even under DBE. In both the directions, the links only in the middle few
storeys have yielded. In the longitudinal direction and transverse direction, the
plastic hinges formed in links of the sixth storey and the fifth storey, respectively,
are first to exceed the CP level. In both these storeys, there is a sudden decrease in
the length of the links, as compared to the link length in the adjacent storeys. The
displacement ductility demonstrated by this building is below 2.5.

The 10-storey building with built-up I-section links achieved the intended
LS performance under DBE but failed to achieve CP performance under MCE.

Fig. 3 Capacity curves for 5 storey EBF buildings, along: a longitudinal, and b transverse
direction
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The links in the top and the ground storeys did not participate in shear yielding. In
both the directions, the plastic hinges formed in the links of sixth storey exceeded
CP performance. Table 5 shows that the maximum displacement ductility achieved
for this building is close to 4.0 in longitudinal direction and even lower in trans-
verse direction. Thus, it can be inferred that the EBF with shear links do demon-
strate good ductility within a storey, but fail to show desired performance if the
links of all the storeys do not yield together.

The 5-storey dual framed buildings behaved in a similar manner (Fig. 5) as the
corresponding EBF buildings, discussed earlier. For the building with standard
I-section a displacement ductility of above 7.0 is observed from Table 5, in both the
directions. However, under MCE, the building failed to achieve the CP perfor-
mance level, in transverse direction. In the longitudinal direction also, the CP
performance is just achieved with very little margin. Under MCE, the plastic hinges
formed in links of only middle three storeys demonstrated CP performance. Some
yielding in the moment resisting beams of interior frames has also observed. In the

Fig. 4 Capacity curves for 10 storey EBF buildings, along: a longitudinal, and b transverse
direction

Fig. 5 Capacity curves for 5 storey dual frame buildings, along: a longitudinal, and b transverse
direction
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transverse direction, hinges formed in links of third and fourth storeys have crossed
CP performance state. The links in these two storeys are shorter as compared to the
links in storeys below. The interior beams in the transverse direction of this
building, have not yielded. The building with built-up I-sections for links
successfully achieved LS performance at DBE level and CP performance at MCE
level of hazard. In the longitudinal direction, yielding in the moment resisting
beams of interior frames is also observed.

The capacity curves for 10-storey dual frame buildings are shown in Fig. 6 with
buildings behaving similar to 10-storey EBF buildings. The building with standard
I-section links demonstrated the desired LS performance at DBE hazard level only
in the longitudinal direction. In the transverse direction, the performance has
deteriorated to CP at DBE hazard level. Similarly, at the MCE hazard level, the
building just managed to reach CP performance in longitudinal direction. The
building collapsed under MCE in transverse direction. In both the directions,
the links in top storeys did not yield. As shown in Table 5, the displacement
ductility capacity is around 4.6 in longitudinal direction and even below 3.5 in
transverse direction. The 10-storey dual frame building with built-up I-section
showed improved performance by achieving LS performance under DBE and CP
performance under MCE. Some of the beams of the interior moment resisting
frames have also yielded under flexure to reach IO performance level. The ductility
of the buildings is also relatively high with values close to 5.0. The overall
performance of this building is satisfactory.

6 Conclusions

Selection of suitable section and length for links in eccentrically braced frames is an
important task, which governs the ductility capacity and hence expected perfor-
mance of the building. For shear as well as flexure links, the storey ductility

Fig. 6 Capacity curves for 10 storey dual frame buildings, along: a longitudinal, and b transverse
direction
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increases with increase in link length, while increase in ductility of shear links is
much steeper as compared to flexure links. Therefore, to achieve the maximum
ductility in a storey, the link length should be kept close to the upper limit of shear
critical range.

Model design guidelines for EBF buildings have been suggested based on
comparison of different codes. However, the example buildings designed using the
proposed guidelines in conjunction with the Indian code, could not yield satisfac-
tory performance, particularly at MCE hazard level, indicating that the value of
response reduction factor, prescribed by the Indian Code, needs to be reviewed. The
buildings designed with built-up I-section links performed better than the buildings
with rolled I-section links, because the flexibility in built-up sections allowed
maximization of link length, while ensuring the shear critical behaviour and
providing little subjective overstrength in links. The buildings having dual EBF—
MRF system, provided improved performance as compared to buildings having
only EBF system. Despite improvement over EBF, the performance of dual frame
buildings has also not been satisfactory.
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Influence of Joint Panel Zone on Seismic
Behaviour of Beam-to-Column
Connections

Arnav Anuj Kasar, Rupen Goswami, S.D. Bharti and M.K. Shrimali

Abstract Steel structures, because of their inherent ductility, are considered to be
suitable for construction in areas of high seismicity. To ensure a certain expected
performance of a structure, concept of strong column weak beam design was
introduced and became widely accepted. Effect of strength of joint panel zone (JPZ)
on the overall behaviour of strong column weak beam interior beam-to-column
strong axis connection is studied, to understand their contribution on the performance
of such connections. Three dimensional non-linear finite element analysis of three
typical interior beam column joint subassemblages is carried out to study inelastic
behaviour of such joints with different column to beam strength ratio. The results
indicates that there is significant JPZ deformation leading to the kinking of columns
beforeplastic hinges are formed in the beams even when the beams are weaker than
the columns. This is due to inadequate shear strength of the JPZ. Also, excessive
kinking in columns may lead to brittle failure of connections far before flexural
capacity of beam is reached, thereby causing complete collapse of the structure.

Keywords Panel zone shear strength �Beam-to-column connections �Deformation �
Plastic hinges � Kinking of column

1 Introduction

In India, demands of steel construction (i.e., steel structures) have increased
significantly in recent years. This is because steel, as a material, possesses high
strength-to-weight ratio and material ductility, and is a common choice in countries
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like USA and Japan as construction material. Thus, steel structures are considered
to be relatively more ductile than those constructed using any other material.
However, performance of steel structures during Northridge Earthquake, 1994 and
Kobe Earthquake, 1995 forced researchers to reinvestigate seismic design of steel
structures for improved behaviour. The most popular connection scheme employed
for beam-to-column strong-axis connection was bolted web welded flange
(BWWF) connection. After 1994 Northridge earthquake, it was observed that, one
of the key issues was failure in the form of brittle fractures in beam-to-column
connection welds [14], which can be attributed to large inelastic strain demand on
complete joint penetration (CJP) welds connecting beam flanges to column flanges.
Some factors that cause large inelastic strain demand on CJP welds are unreinforced
connections, defects in welds and welding procedure (size and shape of weld access
holes, backing bar etc.), kinking of columnflanges, and yielding of joint panel zone
(JPZ). Of these, “controlled inelastic deformation” of JPZ was originally considered
to be good structural response.

A number of experimental and analytical investigations have been carried out,
since late 1960s, to understand the behaviour of JPZ [10, 13]. These studies suggest
that, when subjected to repeated cyclic distortions, yielding of JPZ is a stable
phenomenon, and can be helpful in dissipating the energy induced by these dis-
tortions. But, it is also evident from these studies that the overall frame stiffness
is greatly influenced by the stiffness of the JPZ. Thus, a balanced JPZ design
is adopted, which aims at simultaneous onset of flexural hinging in beams and shear
yielding in JPZ [7]. Further, in cases where the column is not strong enough in
comparison to the beam, weak JPZ, despite of having stable post-yield response,
causes large inelastic drifts and loss of overall stiffness of frames, and often leads to
kinking of column flanges at the level of beam flanges. This increases curvature and
causes failure of welded connections. Indian specifications for design of steel
structures needs to put emphasis on this important aspect related to design and
detailing of JPZ in steel structures.

2 Background

Steel beam to column joint in moment frames [6] are generally assumed to be rigid
when overall analysis or design is carried out of the structure [16]. But the actual
behaviour of these joints can be most closely predicted by assuming them to behave
in a semi-rigid manner. A critical part of the joint is the JPZ. The overall behaviour
of the JPZ along with connections are often classified as rigid, semi-rigid or flexible
[4, 9].

Classical seismic design of moment frames depend on inelastic energy dissipation
by component elements. These components are the beam, the beam-to-column
connections, the JPZ, the column outside the joint, or a combination of these [11].
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Concentration of inelastic action in the column outside the joint is not desired as it
can prove to be detrimental to the overall stability of the structure. Similarly,
concentration of inelastic action in the connections is detrimental may lead to brittle
fractures as observed in past earthquakes. But, controlled ductile shear yielding of
the JPZ may be allowed, and sometimes is beneficial to seismic response of the
moment frame. However, too flexible JPZ causes secondary effects likekinking of
column flange and high interstory drift; the later can cause severe non-structural
damage [13]. Based on these, there are three distinct possible philosophies for design
of the JPZs. These are, (i) Strong Panel Zone Design wherein the JPZ is supposed to
remain elastic, forcing inelasticity in the beams; (ii) Weak Panel Zone Design
wherein inelasticity is confined to the JPZ; and (iii) Balanced Panel Zone Design
wherein the JPZ is designed such that inelasticity in the JPZ follows inelasticity in
the beam [3, 5].

A typical interior beam column joint of a moment resisting frame along with the
forces in JPZs is shown in Fig. 1; a JPZ is mostly subjected to pure shear, and
produces stable hysteretic shear force-shear deformation response curves under
reversed cyclic loading, as during seismic shaking. Controlled yielding of JPZ
provides large energy dissipation capacity to the frame, but also leads to large
overall deformation [13, 15]. Thus, weak panel zone design, though sometimes
used in low-rise buildings, is not suitable for tall buildings.

Continuity Plates
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PZ

V
PZ

(d     )bp p/

(d     )bp p/

VPZ

JPZ

V c

M pbM pb
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Fig. 1 Forces generated in JPZ in moment frame under lateral seismic actions
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3 Design of JPZ

The design shear strength (capacity) of JPZ is given by [1]

Vd ¼ uv0:6Fydctw; for 0\P�Pc ð1Þ

Vd ¼ /v0:6Fydctw 1:4� P
Pc

� �
; for 0:4Pc;\P�Pc ð2Þ

When frame stability including JPZdeformation is not considered. When frame
stability including JPZ deformation is considered, the design strength is given by

Vd ¼ /v0:6Fydctw 1þ 3bcf t2cf
dbdctw

 !
; for 0;P� 0:75�Pc; or ð3Þ

Vd ¼ /v0:6Fydctw 1þ 3bcf t2cf
dbdctw

 !
1:9� 1:2P

Pc

� �
; for 0:75Pc\P�Pc; ð4Þ

Here, Vd is design shear capacity of JPZ, /v is resistance factor (in LRFD), Fy is
minimum specified yield strength of column material, dc is depth of column section,
tw is thickness of web of column section, P is factored axial load on the column, Pc

is 0.6Py where Py is the squash load of column, bcf and tcf are width and thickness
of the column flange respectively, and db is the depth of deeper beam framing into
the joint.

The shear force on a JPZ in an interior beam column joint of a moment frame, as
shown in Fig. 1, is given by

Vpz ¼
P

Mpb

db � tbf
� � 1� db � tbf

� �
H � dbð Þ

� �
; ð5Þ

where, H is the height of column between two stories,
P

MpB is sum of resisting
moments of beams framing in to the joint, and Py is the squash load of the column.
Thus, the minimum thickness tpz of JPZ (including the thickness of doubler plates,
if any) that is required to prevent yielding of JPZ is given by

tpz � 1

Fy 1� P
Pc

� �2� 	1=2

P
Mpb

dc � 2tcf
� �

db � tbf
� � 1� db � tbf

� �
H � dbð Þ

� �
: ð6Þ

This assumes uniform distribution of shear stress within JPZ that is proved to be
valid by many experimental investigations [2, 10, 11]. Also, this is the minimum
thickness that will ensure that shear yielding in JPZ initiates only after flexural
yielding of beams [12].
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But, often design codes and guidelines directly prescribe minimum thickness of
JPZ to be provided, instead of guidelines to design the JPZ. For instance, the
required minimum thickness of JPZ for simultaneous shearyielding of panel zone
and flexural yielding of beam is as

t ¼ CyMc
H�db
H

� �
0:9ð Þ0:6FyRyCdc db � tbf

� � ; ð7Þ

where, RyC is ratio of expected yield strength of column material to minimum
specified yield strength, and Mc and Cy are coefficients to account for moment at
column centreline resulting from moment amplification due to plastic hinging in
beam and strain hardening of material of column, respectively. Alternatively, the
required minimum thickness of the JPZ is given by

t� dp þ bp
� �

=90; ð8Þ

where, dp is panel zone depth between continuity plates, and bp is the width of the
panel zone between column flanges.

4 Structural Models and Analyses

Three different combinations of strong column weak beam (SCWB) strong-axis
joint subassemblages are selected and analysed to illustrate JPZ behaviour; column
to beam strength ratio

P
Mpc

P

Mpb considered are 1.1, 1.2 and 2.1. Each beam-
column combination is used to model an interior beam column joint, as per
specifications given in Indian Standard 800 [9], with continuity plates to reinforce
the joints. The beams, columns and continuity plates are assumed to be of grade
ASTM A36 steel with isotropic hardening model (yield stress of 250 MPa and
ultimate stress of 415 MPa). The height of columns considered in the subassem-
blages is 3.8 m, which, in most cases, is the average storey height (Fig. 2). The
distance considered between column centreline and the point of application of load
on beams is 3.0 m, representing span of beam. AISC wide flange plastic sections are
used for beams and columns. The thickness of continuity plates are considered to be
equal to beam flange thickness, length equal to the clear distance between column
flanges, and width equal to clear flange width of the column.

Nonlinear analyses are carried out on 3-dimensional solid models of the interior
joint subassemblages using finite element analysis software ABAQUS [8].
A uniform mesh is developed for the models using eight noded linear brick element
(C3D8R). SAC’s standard loading protocol (Fig. 3) is used for analyses to obtain
the differences in responses of these beam column joints. Axial compressive load is
not considered on the columns, to reduce the number of parameters on which shear
capacity of JPZ depends.
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5 Results and Discussion

Results of nonlinear finite element analyses indicate that significant shear yielding
occurs in panel zones in all three beam-column joint subassemblages without
formation of flexural plastic hinge in beams. Yielding of JPZ occurs despite
satisfying two key requirements of design codes, namely SCWB design and min-
imum thickness of JPZ, as listed in Table 1. This indicates that explicit design
provisions are required to ensure plastic hinge formation in beam prior to shear
yielding of JPZ. First yield in JPZ occurs at beam end drift of about 0.75 % (drift of
22.5 mm; rotation of 0.0075 rad).

Figure 4 shows the state of shear stress (in MPa) at 4 % drift level in the joint of
the three subassemblages; complete yielding of JPZs in shear is seen (yield strength
in shear being 145 MPa). Also, there is concentration of high (negative) shear at the
beam flange levels, which are usually conceived to carry only flexure. Further,
kinking of columns is evident due to shear distortion of the JPZ in all the three
subassemblages, irrespective of the column to beam strength ratio.

Figure 5 shows von Mises stress (in MPa) at 4 % drift level in the joint of the
three subassemblages; yielding of beam flanges is seen due to large normal stress.
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Fig. 2 Typical interior beam-
column joint subassemblage
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loading protocol
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But, the level of inelasticity in the beam is nominal in the subassemblages with
column to beam strength ratios of 1.1. Yielding of flanges of the beams progres-
sively increases with increase in column to beam strength ratio. But, the local
yielding of columns is also seen, with least yielding of column in the subassem-
blage with column to beam strength ratio of 2.1. This indicates that higher column
to beam strength ratio is required as yielding of column is not acceptable.

Further, it is also observed that large inelastic deformation JPZs causes large
inelastic strain demand at weld regions in all the three subassemblages, irrespective
of the value of column to beam strength ratio. This leads to brittle fracture of CJP
welds connecting the beam flanges to the columns, as was observed in the
Northridge and Kobe earthquakes. It is also pertinent to mention that premature
yielding of JPZs in shear leading to kinking of column flanges at the beam flange
levels restrains the beams in the joint region from developing their full flexural
plastic capacity, thereby nullifying the whole SCWB design intent, although large
amount of energy dissipation is possible due to inelastic shear deformation of JPZs.

The maximum shear demand to shear capacity of the three JPZs is in the range
1.6−3.5 at drift level of 4 %, as shown in Table 1. These results indicate that the
shear strengths of JPZs are inadequate for all values of column to beam strength
ratio. Thus, the minimum thickness of JPZ requirement given in IS 800 is not
sufficient to prevent yielding of JPZs prior to formation of flexural plastic hinge in
beams—JPZs need to be designed for the maximum expected demand as given by
Eq. 5. Unless the JPZs are designed not to yield prior to yielding of beams, rigid
connection behaviour is not realisable as envisaged by IS 800, particularly in
special moment frames. Also, the criterion to ensure SCWB design alone does not
ensure that plastic hinge will form in the beam before yielding of the JPZs.

Figure 6 shows the variation of shear demand on JPZ normalized with shear
capacity of JPZ attained as per SAC’s standard loading protocol; the hysteresis
response curves corresponds to different values of column to beam strength ratio.
The response curves show stable inelastic load deformation response in all three
joint subassemblages, irrespective of the column to beam strength ratio. This is
representative of stable yielding behaviour of JPZs in shear.

Table 1 Performance of selected interior joint subassemblages

# Column Beam MpC

MpB
tJPZ,
reqd

(mm)

tJPZ,
prov

(mm)

VCAPACITY

(kN)
VDEMAND

(kN)

VDEMAND
VCAPACITY

Yielding
of JPZ

1 W14×257 W18×192 1.1 9 48 1,877 6,537 3.5 Yes

2 W18×86 W24×62 1.2 11 20 841 1,744 2.1 Yes

3 W24×131 W21×73 2.1 12 24 1,400 2,281 1.6 Yes
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W18×192 Beam and W14×257 Column

W24×62 Beam and W18×86 Column

W21×73 Beam and W24×131 Column

Fig. 4 Distribution of shear stress (in MPa) at 4 % drift
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W18×192 Beam and W14×257 Column
W21×73 Beam x W24×131 Column

W24×62 Beam and W18×86 Column

Fig. 5 Distribution of von
Mises stress (in MPa) at 4 %
drift
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6 Conclusion

Premature yielding of JPZslimits formation of plastic flexural hinges in beams, even
when SCWB design philosophy is employed. This indicates that JPZs need to be
strengthened to resist the shear demand produced. Thus, it is concluded that the
strength hierarchy between columns and beams is a necessary but not sufficient
condition to ensure flexural yielding of beams. Design provisions in IS 800 need to
include strength design of JPZs to avoid premature yielding of JPZs.
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Performance Based Seismic Design
of Reinforced Concrete Symmetrical
Building

P.D. Pujari and S.N. Madhekar

Abstract One of the major developments in seismic design over the past decade
has increased because of the continuing desire to limit excessive damage and
maintain function of the structure after a moderate earthquake. Therefore, perfor-
mance based seismic design and analysis is gaining popularity. The objective of
performance-based analysis is to produce structures with predictable seismic
performance. The prediction of ductility, capacity and demand is very important to
understand the seismic performance and inelastic responses of a building subjected
to earthquake ground motions. The nonlinear static analysis of a G+15 reinforced
concrete building is carried out in SAP2000 software. The building is subjected to
six different earthquake ground motions. Two models are considered for analysis as
frame with infill walls and frame without infill walls effect. Infill walls are provided
throughout the building frame except the ground storey to study the open ground
storey effect. The comparison is done with respect to parameters as maximum base
shear, drift ratios and top storey displacement for three different performance levels
as immediate occupancy (IO), life safety (LS) and collapse prevention (CP).
Analysis shows that due to open ground storey damage is localized to members in
the ground storey alone, which is not captured by the bare frame analysis. Ductility
requirement for frames without infill walls is higher than for frames with infill
walls. The ductility requirement increases as we move towards lower performance
objective (i.e. from IO to CP). Inelastic displacement demand ratio (IDDR) value
for frame with infill is lower as compared to frame without infill walls. IDDR value
increases from lower performance level to higher performance level. (i.e. from IO to
CP). For frame without infill effect, the base shear is lower as compared with frame
with infill walls and the displacement of storey is much higher for frame without
infill walls as compared to frame with infill walls. The infill walls effect shows
major change in the performance of building and the needs to be considered in the
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analysis. Performance based design technique helps to determine how the building
will perform under seismic effects; well in advance. Accordingly, one can undertake
suitable measures to achieve the same.

Keywords Performance based � Pushover � FEMA � Capacity demand � Perfor-
mance point � SAP2000

1 Introduction

Performance based seismic design came into existence after the Northridge earthquake
(1994). It begins with the selection of design criteria stated in the form of one or more
performance objective. The main objective of performance based design is to develop
structures with predictable damage. An elastic analysis cannot predict failure mecha-
nism and reasonable estimates of inelastic deformation or damage in structures.
Inelastic procedures help in identifying modes of failure and the potential for
progressive collapse. Nonlinear dynamic response history analysis is capable of
providing the required information, but may be very time-consuming. For this purpose
static pushover analysis is used to get the insight of nonlinear behavior of the structure.

Pushover analysis which is an iterative procedure is looked upon as an alter-
native for the conventional analysis procedures. The recent advent of performance
based design has brought the non linear static push over analysis procedure to the
forefront. Pushover analysis is a static nonlinear procedure in which the magnitude
of the structural loading along the lateral direction of the structure is incrementally
increased in accordance with a certain pre-defined pattern. It is generally assumed
that the behavior of the structure is controlled by its fundamental mode and the
predefined pattern is expressed either in terms of story shear or in terms of
fundamental mode shape. With the increase in magnitude of lateral loading, the
progressive nonlinear behavior of various structural elements is captured, and weak
links and failure modes of the structure are identified. In addition, pushover analysis
is also used to ascertain the capability of a structure to withstand a certain level of
input motion defined in terms of a response spectrum.

2 Pushover Methodology

ATC 40, FEMA 273, FEMA 356 and FEMA 440 have described the pushover
analysis procedure, modeling of different components and acceptable limits. Two
methods, namely capacity spectrum method and displacement coefficient method
are introduced in FEMA 440. This analysis procedure considers only first mode
shape of the equivalent single degree-of-freedom system. This is the limitation of
this method. Still it is very efficient analysis procedure because it gives insight of
the nonlinear behavior of the structure. A key requirement of any meaningful
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performance based analysis is the ability to assess seismic demands and capacities
with a reasonable degree of certainty.

The overall capacity of a structure depends on the strength and deformation
capacity of the individual components of the structure. In order to determine
capacities beyond the elastic limits, some form of nonlinear analysis, such as the
pushover procedure, is required. This procedure uses a series of sequential elastic
analysis, superimposed to approximate a force displacement capacity diagram of
the overall structure. A lateral force distribution is again applied until additional
components yield. This process is continued until the structure becomes unstable or
until a predetermined limit is reached.

Ground motion during an earthquake produces complex horizontal displacement
patterns in the structure. It is impractical to trace this lateral displacement at each
time-step to determine the structural design parameters. The traditional design
methods use equivalent lateral forces to represent the design condition. For
nonlinear methods it is easier and more direct to use a set of lateral displacements as
the design condition. For a given structure and ground motion, the displacement
demand is an estimate of the maximum expected response of the building during
the ground motion. Once, a capacity curve and demand displacement, are defined, a
performance check can be done.

3 Procedure to Get Capacity and Demand Curves
by Capacity Spectrum Method

3.1 Capacity Curve

The overall capacity of a structure depends on the strength and deformation
capacities of the individual components of the structure. This procedure uses
sequential elastic analysis, superimposed to approximate force-displacement
diagram of the overall structure. The mathematical model of the structure is
modified to account for reduced resistance of yielding components. A lateral force
distribution is again applied until additional components yield [1].

3.2 Demand Curve

Ground motion during an earthquake produces complex horizontal displacement
patterns which may vary with time. Tracking this motion at every time step to
determine structural design requirements is impractical. For a given structure and a
ground motion, the displacement demands are estimated for the maximum expected
response of the building during the ground motion. Demand curve is a represen-
tation of the earthquake ground motion [1].
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3.3 Performance Point

Performance point can be obtained by superimposing capacity spectrum and demand
spectrum. The intersection point of these two curves is the performance point.

4 Pushover Analysis in SAP2000

The analysis in SAP2000 involves the following steps:
A building frame is modeled in SAP2000. The member properties are assigned

and the model is loaded based on the loading calculated. A gravity analysis is
carried out. The lateral loads and their vertical distribution on each floor level are
determined as per IS 1893 [2]. After assigning all properties to model, the gravity
analysis is carried out. The model is then unlocked and push load is defined in the
load case. Pushover hinges in terms of allowable plastic rotations are defined. The
program includes several built-in default hinge properties that are based on average
values from ATC 40 for concrete members and average values from FEMA-273 for
steel members. In this analysis, P-M-M hinges have been defined at the column
ends and M-3 hinges have been defined at both the ends. After the analysis different
curves can be obtained and they are studied to get the required parameters.

5 Description of the Structure

The main objective of performance based design is to produce structures with
predictable damage. An elastic analysis cannot predict failure mechanism and
reasonable estimates of inelastic deformation or damage in structures. Inelastic
procedures help in identifying modes of failure and the potential for progressive
collapse. Nonlinear dynamic response history analysis is capable of providing the
required information, but may be very time-consuming. For this purpose static
pushover analysis is used to get the insight of nonlinear behavior of the structure.

The G+15 bare frame building is considered in this study. This structure is
designed according to IS 456-2000 [3]. The material properties are M25 Grade
concrete, Fe415 steel for the yield strength of the longitudinal and transverse
reinforcement. The plan layout is shown in Fig. 1. The height of first storey is 4 m.
The depth of foundation is assumed as 1.5 m. Remaining all storeys height is 3.5 m.

Normally, infill walls are considered as non-structural member, however,
practically they provide significant stiffness under lateral load. If special provisions
have not been followed in design, absence of infill at ground storey will lead to
formation of soft ground storey. In addition to this, under lateral loading, lack of
infill stiffness will lead to larger inter-storey drift concentrated to ground storey,

948 P.D. Pujari and S.N. Madhekar



leading to an early formation of plastic hinges, further impending collapse of
structure. Therefore, for an RCC building considering infill wall effect a systemic
nonlinear static analysis procedure is essential.

6 Modelling Considerations in SAP2000

In all the models, the support condition is assumed to be fixed. All the slabs are
considered as shell element. The infill walls were provided below all the beams
except the first floor beams. The thickness of wall considered is 230 mm. The
material properties of masonry infill wall are modulus of elasticity: 13,800 MPa,
Density: 20 kN/m3, Poisson’s ratio 0.2.

Federal Emergency and Management Authority provide guidelines for how to
generate infilled wall models in RC frame for analysis. The elastic in plane stiffness
of a solid unreinforced masonry infill panel prior to cracking shall be presented with
an equivalent diagonal compression strut of a width ‘a’.

The equivalent strut shall have the same thickness and modulus of elasticity as
the infill panel it represents.

7 Defining Hinge Properties for Strut

In this study, wall is considered as strut. If the lateral force is applied on building
then the force is developed in strut which acts like a compression strut. Axial hinge
is provided at the centre of the strut. Yield force is calculated based on formulae
given in FEMA 356 [4].

Based on FEMA 356 [4] the values of acceptable criteria of hinge are calculated.
Axial properties are defined based on nonlinear properties such as yield force,
displacement control parameter and acceptance criteria.

Fig. 1 Plan of building frame
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8 Performance Verification Parameters

The seismic performance of a building can be evaluated in terms of pushover curve,
performance point, displacement ductility, plastic hinge formation etc.

(1) Pushover Curve

The base shear versus roof displacement curve is obtained from the pushover
analysis from which the maximum base shear capacity of structure can be obtained.
This capacity curve is transformed into capacity spectrum ATC40 and demand or
response spectrum is also determined for the structure for the required building
performance level. The intersection of demand and capacity spectrum gives the
performance point of the structure analyzed. At the performance point, the resulting
responses of the building should then be checked using certain acceptability criteria.

From Fig. 2 it can be seen that the performance point is at location of base shear
of 4603.602 kN and displacement at 0.076 m. It can be seen that the performance
point lies well within elastic range and complete capacity of structure is not utilized.
The inelastic capacity of structure needs to be taken into account to achieve better
performance of building.

(2) Inter-storey drift

Inter-storey drift is defined as the ratio of relative horizontal displacement of two
adjacent floors and corresponding storey height (h).

Fig. 2 Pushover curve as per ATC 40
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(3) Ductility demands

Ductility demands of the structure for various levels of performance can be
expressed in terms of Inelastic Displacement demand ratio (IDDR). IDDR repre-
sents the ratio of inelastic displacement demand over the ultimate inelastic
displacement capacity.

(4) Pattern of hinge formation

The sequence of plastic hinge formation and state of hinge at various levels of
building performance can be obtained from SAP2000 output. This gives the
information about the weakest member and so the one which is to be strengthened
in case of a building need to be retrofitted. Accordingly the detailing of the member
can be done in order to achieve the desired pattern of failure of members in case of
severe earthquakes. If the predefined performance objective is not satisfied then
redefine the objective, else enhance the structures capacity to withstand the seismic
damage achieve the objective.

Figure 3 shows the hinge formation pattern considering infill walls and Fig. 4
shows the hinge formation pattern considering without infill walls.

Fig. 3 Hinge Pattern for G+15 building subjected to Northridge time history (with infill)

Fig. 4 Hinge Pattern for G+15 building subjected to Northridge time history (without Infill)
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8.1 Observations from Hinge Formation
Pattern (Fig. 3 to 4)

(i) Pushover analysis results shows the pattern of hinges formed in the structure.
(ii) For Immediate occupancy level, the hinges are in pink color at all floor levels

in case of without infill wall.
(iii) For with infill analysis, the open ground storey has crossed the Immediate

occupancy level, rotations are maximum.
(iv) Actual failure pattern due to open ground storey effect is seen.
(v) Sequence of hinge formation and state of hinge shows the critical zone of

failure which helps in necessary retrofitting techniques and detailing to
reduce the damage.

9 Results

Pushover analysis G+15 framed building is carried out. The analysis is done for two
cases i.e. one with bare frame and the other, considering the infill wall effect. For infill
wall analysis the lower storey is kept open i.e. to consider the effect of open ground
storey. Six different time histories are considered viz., Northridge (1994), Kobe
(1995), EI Centro (1940), Bhuj (2001), Koyana (1967) and Uttarkashi (1991). Three
performance levels considered are Collapse Prevention (CP), Life Safety (LS) and
Immediate Occupancy (IO). The comparison of performance parameters is done with
respect to parameters like base shear, IDDR, IDR and ductility requirement.

(i) The value of base shear for without infill wall is lower as compared to with
infill wall. Infill walls increases the stiffness of the structure and attracts large
force. Bare frame (without infill walls) are less stiff as compared to with infill
frames and are flexible. Hence, bare frame structure attracts less force and
value of base shear is less.

(ii) The ductility requirement for without infill wall case is higher as compared towith
infill case. The increase in lateral stiffness for infill wall building helps to resist
more force. The capacity of structure is utilized completely for infill wall building.
In case for without infill wall building because of less lateral stiffness the member
capacity is not utilized completely. Hence ductility requirement increases.

(iii) The inelastic displacement demand ratio (IDDR) values for without infill
wall case is higher as compared to with infill case. IDDR depends on
ductility requirement. The above explanation also holds well in case of
IDDR.

The comparison of parameters is done and graphical representation of base shear
versus displacement is done for six different earthquake ground motions. Each graph
for a particular time history shows the variation of base shear vs. displacement for
bare frame and infill frame with three performance levels (Collapse Prevention CP,
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Life Safety LS and Immediate Occupancy IO). Figure 5 shows the graphical repre-
sentation of base shear versus displacement for different time histories.

10 Conclusions

In the present study, pushover analysis of G+15 reinforced concrete building is
carried out. Further, two cases are considered, one is bare frame analysis (without
infill) and another one is considering infill walls with open ground storey. The
building models are subjected to six different earthquake ground motions viz.,
Northridge (1994), Kobe (1995), EI Centro (1940), Bhuj (2001), Koyana (1967)
and Uttarkashi (1991). The comparison is made for three performance levels such
as Collapse Prevention (CP), Life Safety (LS) and Immediate Occupancy (IO).
A G +10 structure is analyzed with isolated base and the performance is compared
with fixed base.

Based on the analysis results for all cases considered, following conclusions are
drawn:

1. Due to inclusion of infills, behaviour and failure modes of buildings change. The
results show the importance of considering infill walls in modeling, to get the
real scenario of damage.

2. The IDDR values, ductility requirements and displacement are greater for bare
frame. This leads to more consumption of material.

3. Pushover analysis result shows the effect of open ground storey and true failure
mechanism. This effect in not captured in structural design and leads to cata-
strophic failure of structure.

4. From pushover analysis results the weak links in the structure are identified and
the performance level achieved by structure is known. This helps to find the
retrofitting location to achieve the performance objective.

Fig. 5 Base shear versus displacement curves for G+15 building
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5. Performance based seismic design helps to understand the behaviour of building
well in advance and redesigning can help to improve the performance of
structure. Non linear static analysis which is easy and requires less time as
compared to time history analysis, provides the complete insight of structure in
advance and design it accordingly to improve the performance of structure.
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Response of R/C Asymmetric Community
Structures Under Near-Fault Motion

Subhayan Bhaumik and Prithwish Kumar Das

Abstract Seismic vulnerability of asymmetric structures is repeatedly reported by
different seismic damage surveys conducted all over the world. Moreover, it is also
pointed out by a number of previous research efforts that such damage is more
severe in R/C structures due to progressive strength and stiffness degradation of
R/C structural elements. Community structures like auditoriums generally have
load resisting elements distributed only near the boundary region of the structures
leaving a large empty space at the central region. These types of structures are also
having very small natural periods due to there comparatively less height than other
type of residential or official building structures. Moreover, most of these audito-
rium structures generally have similar type of orientation in two opposite side
whereas other two sides differs in orientation due to functional requirements which
lead these types of structures having unidirectional asymmetry. Investigation of
response of such systems under near-fault ground excitation are of great importance
as there may be a huge gathering of people inside an auditoriums and amount of
energy input to the structural systems will be much more in near-fault ground
motions are than their far-field counter parts. On this aspect the present research
effort investigates the responses of such uni-directionally asymmetric auditorium
like community structural systems under a number of real earthquake ground
excitation of near-fault nature and a general trend of behaviour is indicated along
with comparison between responses of R/C and steel structures of these types.

Keywords Asymmetric structures � Earthquake � Near-fault motion � Reinforced
concrete
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1 Introduction

It is already well established all over the globe that asymmetric structures are more
susceptible to seismic damage than the structures having symmetric configurations.
Hence, over last few decades a large number of investigations have been conducted
on elastic as well as inelastic range of seismic response for asymmetric structural
systems to find out the cause as well as extent of seismic vulnerability of asym-
metric structures. Majority of these investigations considered bi-linear elasto-plastic
load-deformation behavior for lateral load resisting structural elements, which is
suitable for steel-framed buildings constructed in advanced financially strong
countries. But in most of the developing countries like ours buildings as well as
community structures like auditoriums are constructed with reinforced concrete
(R/C) structural elements to reduce the cost of construction. These R/C structural
elements may undergo considerable amount of strength and stiffness degradation
when subjected to inelastic range of reversible or repetitive loading during large
earthquakes. These degrading features generally aggravate severely displacement
demand as well as energy dissipation demand of R/C lateral load resisting structural
elements in case of asymmetric structures. Few recent study investigated the effect
of strength and stiffness degradation [2, 5, 6] on seismic response of idealized R/C
structural system with unidirectional as well as bidirectional asymmetry. However,
most of these investigations considered spectrum consistent as well as real earth-
quake data of far-field nature. Moreover, these investigations considered a general
class of buildings having their lateral load resisting elements uniformly distributed
over their plan areas. On the other hand, specialized structures like auditoriums
have their lateral load resisting element distributed near the edge region of the
structure. A previous study [4] investigated the response of such system in a limited
form using only spectrum consistent simulated far field ground excitations. It is
worthwhile to mention that these types of community structures are primarily made
to accommodate huge gatherings. It is obvious that the energy input by near-fault
ground excitations are much more than that of far-field ground motions due to
proximity of epicenter in this type of seismic event. Hence, there remains a
possibility of huge casualty due to collapse of R/C community structures with
unavoidable plan-asymmetry under severe near-fault ground excitations. As most of
these auditorium structures generally have similar type of orientation in two
opposite side whereas other two sides differs in orientation due to functional
requirements which lead these types of structures having unidirectional asymmetry.
In this viewpoint, in the limited scope of the present research effort investigation of
the response of such uni-directionally asymmetric structures under real near-fault
ground excitations in a fruitful way.
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2 Structural Systems and Method of Analysis

The idealized one-storied structural systems used in the present investigation are
consist of single story rigid diaphragm model with three degrees of freedom, two
translations in two mutually orthogonal directions and one in-plane rotation as
shown in Fig. 1. Masses are assumed to be lumped at the floor, which is considered
as rigid in its own plane as well as in flexure. Generally, in case of community
structures like auditorium, lateral load-resisting structural members remain
distributed near the boundary region of the structures. Thus, in the present study, to
represent such a plan-wise distribution of the stiffness, structure has been idealized
with four element system as also used in a previous investigation [4]. The total
lateral stiffness in one direction is distributed between two edge elements in that
direction. Figure 1a represents the schematic diagram of such idealized symmetric
structural system.

The stipulated amount of eccentricity is introduced by increasing the stiffness of
the lateral load-resisting element of one edge by a calculated amount and decreasing
the same of the opposite edge element by the equal amount. The lateral load-resisting

k+δk
kk

k-δk

3

X

Y

CM, 
CS 2

1

D

D

k
k

k

k

D

D

3

1
X

Y

CM
2

CS
ex

Stiff 
Element

Flexible 

Element

(a)

(b)

Fig. 1 Idealized structural
system

Response of R/C Asymmetric Community Structures Under … 957



edge element with lesser stiffness is designated as flexible element and the opposite
edge element having greater stiffness is referred to as stiff element. Three repre-
sentative values of normalized eccentricities namely ex=D ¼ 0:05; ex=D ¼
0:1; ex=D ¼ 0:2 are considered in this investigation where ex is the eccentricity in x
direction and D is distance between two edge element in x or y direction. In the
limited scope of the present paper, some representative results of uni-directionally
asymmetric systems (as presented in Fig. 1b) are presented.

The coupled equations of motion for considered the asymmetric structural
system can be written by two translational as well as one rotational degrees of
freedom as:
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The equations of motion are numerically solved in the time domain by
Newmark’s β–γ method likewise previous investigations. (e.g., [3, 5, 6] using
modified Newton-Raphson technique. The Newmark’s parameters are chosen as
γ = 0.5 and β = 0.25. The time step of integration is taken as Tl/400 s, where Tl is
the lateral natural period of asymmetric idealized system. This time step of inte-
gration is found to be sufficiently small from sample convergence studies.

The maximum displacement demand for extreme edge load resisting element of
an asymmetric structural system is studied for a feasible range of dynamic char-
acteristics of the system. Uncoupled lateral period Tl and torsional to lateral period
ratio τ are the two primary dynamic characteristic of that structural systems under
seismic excitation. As most of the auditorium like community structures generally
have low heights in comparison with multi-storeyed general residential or official
buildings, systems with small uncoupled lateral time period namely Tl equal to 0.1 s
is used to represent natural period range of such low-rise stiff asymmetric structural
system. The torsion to lateral time period ratio τ is varied within a range of 0.5–1.5
as torsional to lateral period ratio τ for most of low-rise buildings lies within this
range.

3 Hysteresis Model and Ground Motion

In the present investigation two types of hysteresis models namely, (i) strength and
stiffness degrading and (ii) elasto-plastic are considered. First type of hysteresis
behavior may be considered for represent the characteristics of R/C structural
members, while the second one represents the characteristics of steel frame struc-
tural members. The first types of hysteresis model are incorporated through the
algorithm developed and explained as in [5]. These simplified hysteresis models are
also used in some previous investigations [1, 3, 6].
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Real ground motions of near-fault nature are considered in the present investi-
gations are collected from strong motion data base available from PEER strong
motion database (http://www.peer.berkeley.edu). The ground motions are selected
in such a way that they are considered at measuring stations which are only few
kilometers away from respective epicenters. In this present study an ensemble of
eight set of real ground acceleration time history is considered and each set consists
of two sets of ground acceleration data in two orthogonal directions in horizontal
plane has been use as input ground motion. The main characteristics of the selected
records are reported in Table 1. Out of these eight real earthquake ground accel-
eration data sets some are also used in a recent investigation [1].

4 Results and Conclusions

Maximum displacement responses of edge elements (flexible and stiff) of
uni-directionally asymmetric structural systems with different values of eccentric-
ities are computed in normalized form. Normalization is done by the maximum
displacement responses of edge elements of similar but symmetric structural
systems to investigate only the effect of asymmetry. Such normalized responses,
computed for all eight real earthquake ground excitations of near-fault nature, are
averaged and represented in Figs. 2 and 3. Each of these figures consist two set of
graphs showing responses of degrading structures representing buildings with
reinforced concrete structural elements and response of similar but elasto-plastic
structural system representing buildings having steel structural elements. In each of

Table 1

Sl.
no

Seismic events Station Date Magnitude in
Richter

Distance from
epicenter (km)

PGA

1 Chalfant
Valley

Zack Brothers
ranch

07.20.86 5.8 6.4 2.796

2 Coyote Lake Gilroy Array
#3

06.08.79 5.7 7.4 2.242

3 Imperial
Valley

El Centro
Array #3

10.15.79 6.5 12.9 3.714

4 Imperial
Valley

Sahop Casa
Flores

10.15.79 6.5 9.6 4.87

5 Loma Prieta Saratoga—
Aloha Ave

10.18.89 6.9 8.5 3.18

6 Mammoth
Lakes

Convict Creek 05.25.80 6.1 6.6 4.332

7 Morgan Hill Halls Valley 04.24.84 6.2 3.5 3.057

8 West of
Westmorland

Westmorland
Fire Sta.

04.26.81 5.9 6.5 4.896
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the figure averaged normalized maximum displacement response is plotted against
torsional to lateral period ratio τ (TAU). Four different curves in each figure rep-
resent averaged normalized maximum displacement response of (a) Flexible ele-
ment in x direction (ADSPFLX), (b) Stiff element in x direction (ADSPSTX), (c)
Flexible element in y direction (ADSPFLY) and (d) Stiff element in y direction
(ADSPSTY). Careful comparison between two sets of graphs presented in each
figures (Figs. 2 and 3) clearly reveal that though for the structural systems with
elasto-plastic structural elements responses are magnified due to asymmetry but to a
limited extent. On the other hand for strength and stiffness degrading structural
systems representing R/C structures, the responses are magnified many more times
than the elasto-plastic systems due to incorporation of asymmetry. Hence,
comprehensive study of R/C asymmetric community structural systems under near-

Degrading System Response

Elastoplastic System Response

Fig. 2 Average normalized
displacement response of
uni-directionally asymmetric
structural systems having
Tl ¼ 0:1 s; ex=D ¼ 0:2
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fault ground motions considering different aspect of such systems is the need of the
hour.
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Comparison of Seismic Vulnerability
of Buildings Designed for Higher Force
Versus Higher Ductility

Chande Smita and Ratnesh Kumar

Abstract Seismic vulnerability assessment is a complex problem involving input
from various analyses. Pushover analysis is a commonly used method, which
provides input for vulnerability analysis. Different level of ductility in a building
can be considered by using different response reduction factor in linear analysis;
however, the actual non-linear behavior of the building cannot be predicted on same
basis. Therefore, response reduction factor (R) considered in designing, plays an
important role in actual performance of building. The effect of different response
reduction factors used in design on expected damage of building has been ascer-
tained using vulnerability analysis. The seismic performance of low-rise and mid-
rise RC buildings designed as per Indian codes with consideration of seismic forces
(with two sets design levels SMRF and OMRF) and only gravity forces (designed
for only gravity loadings) have been evaluated by fragility relationships. Nonlinear
static analyses were performed to derive the fragility relationships. Based on
nonlinear static procedure or pushover analysis the seismic performances in terms
of ductility capacity and ductility demand have been obtained. The observations
showed that the performance of buildings designed for higher ductility (R as 5) can
be better relied than the buildings designed for higher forces (R as 3). The results
showed that there is higher probability of damage in case of OMRF design
buildings as compared to SMRF designed buildings.
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1 Introduction

In India, the majority of buildings are designed for gravity loads either without
considering earthquake force or with a lower level of earthquake force. The con-
sideration of lesser design force results in inadequate lateral strength of buildings.
This may result in severe damage or even complete collapse. As in case of design
practice the infill modelling effect is neglected by many structural designers while
designing the building in software, resulting in more flexible structure than in real.
The stiff structure produces more seismic forces than flexible one. This states that
the wrong assessment of stiffness would consider lesser inadequate seismic forces
for the design purpose. Designing the structure for lesser seismic forces may lead to
complete damage or collapse of the structure in future earthquakes. However, if
lesser seismic forces are taken while designing, then as per Indian Standard for
ductile detailing IS 13920: [1], proper and sufficient ductile detailing has to be
provided in the structural components.

Code design practices have been traditionally based on force based design
(FBD) concept. In this method, the components of structure are proportioned for
strength, such that structure can sustain the shocks of moderate intensities without
structural damage and shocks of heavy intensities without total collapse. The
internal forces are computed from elastic analysis. The inelastic behavior is
accounted for by using a response reduction factor (R), which depends on ductility,
redundancy and overstrength. The determination of R factor is based either on
equal-displacement or equal-energy principles. The effect of ductility is accounted
by providing proper detailing and proportioning of members. Ductility can be
enhanced by facilitating plastic deformations and allowing failure of element/
structure only in desirable ductile modes. This can be achieved by keeping suffi-
cient strength differential between brittle and ductile modes of failure.

In past few decades, the losses caused by natural calamities have been increased
dramatically. Increase in population, development of new cities located in high
seismic zones etc. has increased such losses. Northridge (California, US) earth-
quake, 1994 has caused the highest ever insured earthquake loss at approximately
US$14 billion. The Kobe (Japan) earthquake, 1995 has caused the highest ever
absolute earthquake loss of about US$150 billion. It was mentioned in a report
submitted in National Information Center of Earthquake Engineering (NICEE) by
Jain and his group that the Bhuj earthquake of magnitude 7.9 caused a large loss of
life and property. Over 18,600 persons were reported to be dead and over 167,000
injured; the estimated economic loss due to this quake was placed at around
Rs. 22,000 Crores (*US$5 billions). It was so, because in India buildings are
normally designed for gravity loads only.

A significant component of a loss model is determination of vulnerability of the
buildings stock. In simple words, seismic vulnerability is the degree of weakness in
terms of damage to the building due to seismic ground motion. It can also be stated
as the damage potential to a class of similar structures in a particular building stock
subjected to a given seismic hazard. Vulnerability analysis tells the ability of
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destruction of the structures under varying intensity or magnitudes of ground
motion. The analysis defines the damage states of the building. This damage states
are based on the applied base shear, which is stated as a function of the seismic
demand. The damage states are defined from none to collapse with increasing levels
of demand. The damage states are obtained by intersecting both building capacity
and seismic demand curves. The roof displacement—base shear curve, also called
the capacity curve, represents the nonlinear behavior of a building under increasing
load or displacement demand. Intersection of the capacity and the demand curves
represents the damage state likely to be experienced by the structure. The seismic
performance obtained by the pushover analysis is for a particular structure or
building in an area, whereas the seismic vulnerability assessment gives the prob-
ability of damage for a considered building type in that area representing whole
stock of the buildings in that area.

Buildings constructed in India can be broadly categorized into three groups;
buildings properly designed with ductile detailing as per seismic guidelines,
buildings designed as per Indian codes but not detailed for ductility, and buildings
designed for gravity loads without considering seismic forces. In order to simulate
these three groups of buildings, three design levels have been considered for this
study i.e. the building is designed as Special Moment Resisting Frame (SMRF);
Ordinary Moment Resisting Frame (OMRF) and for gravity loads only. The
response reduction factor (R) is based on ductility, over-strength and redundancy
effects and thus requires the proper detailing of structure. Indian code on seismic
forces IS 1893 (Part 1): [2], provides response reduction factor for SMRF as 5 and
for OMRF as 3. Indian Standard code IS 13920: [1], provides the general guidelines
for ductile detailing of RC structures and the same have been used in the present
study for SMRF building. For the ‘gravity design’ level, the buildings have been
designed only for gravity loads, and the seismic forces are not considered.

2 Parametric Study

2.1 The Structural Modelling and Design

The plan considered in the present study is of a hospital building located in Texas,
USA [3]. The building plan is approximately regular, and is modelled in SAP2000
as a low-rise building having three storeys (G +2 model) and a mid-rise building
having six storeys (G +5 model). The building plan is symmetrical in longitudinal
direction and nominally asymmetric in transverse direction (Fig. 1).

The storey height is considered as 3.2 m. The building is assumed to be situated
on medium soil strata (Type II) and is located in the seismic zone V as per Indian
code (IS 1893(Part 1): [2] with Peak ground acceleration (PGA) as 0.36 g for
Maximum Considered Earthquake (MCE). The slab thickness is assumed as
150 mm. The building is modelled in SAP 2000 as a 3D space frame structure.
Dead and imposed loads have been computed using the Indian standard codes IS
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875 (Part 1): [4] and IS 875 (Part 2): [5], respectively, and are assigned to the
building. The seismic analysis and design has been performed considering the
various load combinations mentioned in IS 1893 (Part 1): [2]. The preliminary sizes
of beams and columns have been calculated based on the deflection criterion
mentioned in IS 456: [6] and IS 13920: [1]. M25 grade of concrete and Fe415 grade
of steel have been used for the design. RC slabs (Floor and Roof) act as rigid
diaphragms, these are the horizontal elements that transfer earthquake induced
inertial forces to the vertical elements of the lateral force resisting systems and
therefore the building has been modelled with rigid diaphragms using diaphragm
constraints. Response spectrum analysis of the building has been performed by
considering seismic force combination as square root of the sum of squares (SRSS).
The IS 1893 (Part 1): [2] defines two seismic levels as Maximum considered
earthquake (MCE) and Design basis earthquake (DBE). The effective peak ground
acceleration of MCE is considered as half of the effective peak ground acceleration
of DBE. The building has been designed for the prescribed base shear as per IS
1893 (Part 1): [2] as given Eq. 1.

VB ¼ Z
2
I
R
Sa
g
W ð1Þ

where, Z represents the zone factor, R represents the response reduction factor, and
I is the importance factor; Sa/g represents the response spectrum acceleration, based
on the time period of building calculated as a function of height and plan of
building and W is seismic weight of the building.

The building time period observed is much more than code specified period
since the cracked sections (i.e. effective stiffness of frame members) is considered in
the present study. The minimum base shear VB is calculated as per IS 1893 (Part 1):
[2]. As per recommendation of code minimum base shear correction has been

Fig. 1 Plan of building
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applied by scaling up the recommended scaling of base shear by a factor VB=VB,
where VB is the base shear calculated by using the response spectrum analysis and
is the base shear obtained by using the time period analytically.

Minor cracking is expected in the RC frame members under the effect of service-
gravity loading, however, the cracking will be significant under the seismic loading
[7] and it is expected that either most of the members will yield or will reach near
yielding, therefore it is necessary to use the realistic stiffness of RC frame members.
It is also important to note that effective stiffness of column depends on level of
axial load, however, axial load on column keeps changing during dynamic earth-
quake loading which it very difficult to account in design. Design axial load can be
used as an approximation for axial load level for computation of effective stiffness.
The simplified model for effective stiffness of normal-strength concrete flexural and
compression members as proposed by Kumar and Singh [7] is used in the present
study.

The different pushover curves obtained by performing the nonlinear static
analysis on the 3 and 6 storey buildings designed as SMRF, OMRF and for gravity
loads only, in SAP 2000 were compared. The nonlinear flexural hinge properties for
beams and columns have been assigned as per FEMA 356 [8] guidelines. From
capacity curve the yield and ultimate control points, and the ductility capacity are
compared for the above mentioned models and tabulated in Table 1. The yield
capacity control point is selected as the point where significant yielding is just
beginning to occur (slope of capacity curve is essentially taken constant up to the
yield point). Figures 2 and 3 compare the seismic performance of the 3-storey and
6-storey gravity designed buildings with those of the SMRF building and OMRF
building for seismic zone V in longitudinal direction. In longitudinal direction for 3
storey building, the yield base shear of SMRF and OMRF building is 1.5 times and
2.15 times the gravity load designed building. In case of 6 storey building, the yield
base shear of SMRF and OMRF building is 2.34 times and 4.25 times the gravity
load designed building. Similar nature is observed in transverse direction.

2.2 Vulnerability Assessment

Seismic vulnerability gives the susceptibility of the structure to damage produced
by a ground shaking of a given intensity. It is expressed in terms of intensity or
Peak Ground Acceleration (PGA) or spectral displacement. The curve represents
the lognormal continuous distribution showing the damage state distribution. Dif-
ferent approaches can be used to plot the vulnerability curves. The methods include
the empirical data relationship based on previous earthquake damage data collection
to analytical methods using the data from software analysis of structure to the
judgmental data relationship, which is based on the expertise of researchers. The
HAZUS methodology developed by FEMA document along with damage state
models suggested by Giovinazzi and Lagomarsino [9] has been used in the present
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study to develop the vulnerability curves for RC buildings as per Indian standards.
The methodology uses the data from the capacity curves, which have been used in
this paper. This curve distributes damages in terms of slight, moderate, extensive
and complete damage states. For a particular spectral response or displacement, the
discrete damage state probability is calculated as the difference between cumulative
probabilities of damage states. For example, for a given target displacement value,
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the probability of moderate damage will be difference of probability of moderate
damage state and the probability of extensive damage state.

P½dsjSd � ¼ /
1
bds

ln
Sd

Sd;ds

� �� �
ð2Þ

where, Sd is spectral displacement defining the threshold of a particular damage
state; Sd,ds is median value of spectral displacement at which the building reaches
the threshold of damage states or damage state medians, can be calculated by
various damage state models; βds is standard deviation of natural logarithm of Sd
for damage states; Φ is standard normal cumulative distribution function. Fragility
curve defines various damage states. HAZUS defines two-criteria approach based
on the performance levels of the individual members. The damage state thresholds
are defined using the model proposed by Giovinazzi and Lagomarsino [9] (see
Table 2) based on the capacity spectrum of the buildings, and the same approach
has been used in the present study.

Table 2 Damage state variability parameters considered for the buildings

Design
levels

Post-yield
degradation
(k)

Damage state
variability (βTds)

Capacity curve
variability (βC)

Damage state
variability (βds)

3 Storey SMRF Minor
degradation
(0.9)

Moderate (0.4) Moderate (0.3) 0.8

OMRF Major
degradation
(0.1)

Moderate (0.4) Moderate (0.3) 1.0

Gravity-
designed

Extreme
degradation
(0.1)

Moderate (0.4) Moderate (0.3) 1.05

6 Storey SMRF Minor
degradation
(0.9)

Moderate (0.4) Moderate (0.3) 0.75

OMRF Major
degradation
(0.1)

Moderate (0.4) Moderate (0.3) 0.85

Gravity-
designed

Extreme
degradation
(0.1)

Moderate (0.4) Moderate (0.3) 1
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2.3 Development of Damage State Variability

The lognormal beta or standard deviation describes the total variability of the
damage states as shown in Table 2. The variability associated with the capacity
curve, βC, demand spectrum, βD, and the variability associated with the discrete
threshold of each damage state, βTds, are to be accounted while calculating the total
variability. The demand spectrum is developed from 5 % damped elastic response
(input) spectrum in terms of Spectral Acceleration versus Spectral Displacement
and the Capacity curve is the plot of force-deformation in terms of Spectral
Acceleration versus Spectral Displacement. Thus, the demand spectrum and
capacity curves are inter dependent, the variability accounted by both are combined
by convolution process. The third component βTds is mutually independent from the
first two variability components and its effect is considered by combining it with the
results of CONV process using SRSS method [10].

bds ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
CONV bC; bD½ �ð Þ2þ bTdsð Þ2

q
ð3Þ

where, βTds is the lognormal standard deviation parameter that describes total
variability associated with the discrete threshold of each damage state, βC is the
lognormal standard deviation parameter that describes variability associated with
the capacity curve, βD is the lognormal standard deviation parameter that describes
variability associated with the demand spectrum, (βD = 0.45 at short periods and
βD = 0.5 at long periods).

The median spectral displacements can be determined analytically. Estimation of
variability is a difficult process requiring statistical data for local conditions.
Therefore, variability parameters are directly used from HAZUS [10]. For Indian
buildings, such data is not available. The damage state thresholds presented by
Giovinazzi and Lagomarsino [9] as being on conservative side, have been used in
the present study. As discussed earlier, in the cases of ‘gravity-designed building’,
extreme degradation has been considered as there is no conforming transverse
reinforcement provided in the structure. In case of special moment resisting frame,
the conforming transverse reinforcement has been provided, therefore minor deg-
radation case is considered. The fragility curves of the gravity designed and SMRF
buildings have been compared for all the damage states—slight, moderate, exten-
sive and complete damage states. Figures 4, 5, 6 and 7 show the fragility curves for
different design levels of 3-storey and 6-storey as discussed earlier.

It can be observed that the fragility curves of OMRF and SMRF buildings are
crossing each other in some cases, indicating different damage patterns and damage
variabilities for the considered types of buildings. The slope of fragility curve
depends on the standard deviation of the natural logarithm of spectral displacement
βds, which as discussed earlier is assumed to be different in all the types of building
depending on the considered degree of degradation. It can be observed that the
slope of any damage state of considered design level building such as OMRF and
SMRF buildings and gravity loading designed buildings are same.
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Tables 3 and 4 show the probabilities of damage being greater than or equal to a
particular grade for the 3-storey and 6-storey buildings, respectively, and this values
obtained from fragility curves correspond to the target displacement at Maximum
Considered Earthquake MCE levels for seismic zone V. It can be noted from those
tables that the probability of damage for building designed as SMRF at the target
displacement is lesser than that of the buildings designed as OMRF and for gravity
loading only.
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3 Conclusions

The seismic performance of low-rise and mid-rise RC buildings designed according
to Indian codes with consideration of seismic forces (with two sets design levels—
SMRF and OMRF) and only gravity forces (designed for only gravity loadings)
were evaluated using fragility functions. Nonlinear static analyses were performed
to provide input to fragility relationships. The nonlinear static procedure or push-
over analysis provides the seismic performances in terms of ductility capacity,
ductility demand and performance levels.

Even though the design base shear observed for OMRF building was higher than
the SMRF building, the ductility capacity was observed higher in case of SMRF
building. The ductility capacity of building designed as SMRF was observed 30 %
more than that of building designed as OMRF. Also, it was observed that ductility
capacity of building designed as SMRF was 54 % more than that obtained from the
building designed for gravity loads only. Thus, buildings designed as SMRF offered
more ductility than the buildings designed for the gravity loadings and designed as
OMRF.

For six storied building, the ultimate displacement of SMRF has been observed
to be 35 % higher than that of OMRF and 26 % higher than the building designed
for gravity loads only.

From fragility analysis of the considered six storied building, it has been
observed that the building designed for gravity load only has 66 % higher proba-
bility of complete damage than the building designed as SMRF. Also, the results

Table 3 Damage probabilities (%) for the 3 storey and 6 storey buildings in longitudinal
(X) direction

Design level P (slight) P (moderate) P (extensive) P (complete)

3 Storey SMRF 71.39 34.9 31.6 19

3 Storey OMRF 72.8 43.8 36.65 22.7

3 Storey gravity designed 88.9 69.18 67.19 55.78

6 Storey SMRF 81 44.69 21.89 8.18

6 Storey OMRF 74.44 40.79 31.66 17.78

6 Storey gravity designed 86.4 63.17 63.17 51.9

Table 4 Damage probabilities (%) for the 3 storey and 6 storey buildings in transverse direction

Design level P (slight) P (moderate) P (extensive) P (complete)

3 Storey SMRF 79.77 45.25 39.5 24.2

3 Storey OMRF 74 45.3 39.7 27

3 Storey gravity designed 91.17 73.5 70.8 59.28

6 Storey SMRF 82.9 47.4 26.8 11.199

6 Storey OMRF 80.9 48.98 42.7 27.6

6 Storey gravity designed 92.65 75.58 69.28 55.4
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showed that there is 59 % higher probability of complete damage in the buildings
designed for gravity loads only than the buildings designed as OMRF.

From fragility analysis for the considered building in transverse direction, the
results showed that there is 80 % higher probability of complete damage in the
buildings designed for gravity loads only than the buildings designed as SMRF.
Also, the results showed that there is 51 % higher probability of complete damage
in the buildings designed for gravity loads only than the buildings designed as
OMRF.
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Studies on Identifying Critical Joints
in RC Framed Building Subjected
to Seismic Loading

Pradip Paul, Prithwish Kumar Das and Pradip Sarkar

Abstract A beam-column joint is very critical element in reinforced concrete (RC)
framed structure where the elements intersect in all three orthogonal directions. In
normal design practice for gravity loads, the design check for joints is not usually
critical in reinforced concrete (RC) frames and hence not warranted in general.
However, failures of RC frames during recent earthquakes have revealed heavy
distress in the joints and resulted in the collapse of several structures due to joint
shear failure. Despite the critical role of joints in sustaining large deformations and
forces during earthquakes, specific guidelines are not explicitly included in current
Indian codes of practice IS 1893:[1], IS 13920:[2] and IS 456:[3]. On account of
this, it is tacitly assumed in practice that adequate lapping of the main reinforcement
and provision of transverse ties satisfies the integrity and strength of joints. How-
ever, the kind of reinforcement detailing given in the design codes is not consistent
with the Indian practice of construction in terms of implementation. This paper aims
to study the behaviour of beam-column joints in multi-storeyed RC framed struc-
ture with an objective to identify the location of deficient joints and developing
alternative design scheme suitable for Indian construction industry. A family of
multi-storeyed building of 2 bay × 2 bay (at 5 m) frames from 3 storey (10.5 m
height) to 10 storey (35 m height) is studied. Shear force demand in the joint is
estimated from the concept of capacity design. The shear capacity is calculated for
the interior joints at different height (i.e., at different floor level) of the buildings as
per selected international building codes and other methods available in literature.
This result shows that the maximum joint demand occurs not in the lowest storey
level of the building but somewhere in the second, third or fourth storey level. The
maximum joint shear demand found to be more than the corresponding capacity for
all building above 5 storeys (i.e., 17.5 m height) studied here. An effort has been
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made for correlating the joint shear demand in any interior joint with the height of
the joint. This will be helpful for identifying the critical joint location in a building.

Keywords Beam-column joint � Reinforced concrete � Joint shear � Critical joint �
Seismic loading

1 Introduction

A beam-column joint is very critical element in reinforced concrete (RC) framed
structure where the elements intersect in all three orthogonal directions. Joints
ensure continuity of a structure and transfer forces that are present at the ends of the
members. Beam-column joints in moment resisting frames are crucial zones that
control the effective transmission of forces in the structure. In normal design
practice for gravity loads, the design check for joints is not usually critical in
reinforced concrete (RC) frames and hence not warranted in general. However,
failures of RC frames during recent earthquakes have revealed heavy distress in the
joints and resulted in the collapse of several structures due to joint shear failure.

Despite the critical role of joints in sustaining large deformations and forces
during earthquakes, specific guidelines are not explicitly included in current Indian
codes of practice IS 1893:[1], IS 13920:[2] and IS 456:[3]. On account of this, it is
tacitly assumed in practice that adequate lapping of the main reinforcement and
provision of transverse ties satisfies the integrity and strength of joints. However,
the kind of reinforcement detailing given in the design codes is not consistent with
the Indian practice of construction in terms of implementation. Therefore, in
practice, joint reinforcement detailing prescribed in the design codes is not
followed.

This research effort aims to study the behaviour of beam-column joints in multi-
storeyed RC framed structure with an objective to identify the location of deficient
joints and developing alternative design scheme suitable for Indian construction
industry.

2 Building Geometry and Modelling

The study in this paper is based on analysis of a family of RC multi-storeyed
framed buildings. This section presents a summary of various parameters defining
the computational models, the basic assumptions and the building geometries
considered for this study.

The study is based on 3D building frames which are orthogonal with storey
heights and bay widths. Uniform bay width of 5 m was considered for this study. It
should be noted that bay width of 4–6 m is the usual case, especially in Indian and
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European practice. Eight different height categories were considered for the study,
ranging from 3 to 10 storeys, with a uniform storey height of 3.5 m. The structures
are modelled by using standard computer software made for the purpose and
designed for dead load, live load in combination with seismic load as per prevailing
Indian Standards. Moderate seismic region, Zone-III (PGA = 0.16 g) is considered
for the special moment resisting frame design. Figure 1 presents typical structural
models used in the present study.

Modelling a building involves the modelling and assemblage of its various load-
carrying elements. The model must ideally represent the mass distribution, strength,
stiffness and deformability. Modelling of the material properties and structural
elements used in the present study is discussed below.

M-20 grade of concrete and Fe-415 grade of reinforcing steel are used for all the
frame models used in this study. Elastic material properties of these materials are
taken as per Indian Standard IS 456 [3]. The short-term modulus of elasticity (Ec) of
concrete is taken as:

Ec ¼ 5000
ffiffiffiffiffi
fck

p
MPa ð1Þ

where fck ≡ characteristic compressive strength of concrete cube in MPa at 28-days
(20 MPa in this case). For the steel rebar, yield stress (fy) and modulus of elasticity
(Es) is taken as per IS 456 [3].

Beams and columns are modelled by 2D frame elements. In the primitive stage
the beam-column joints are assumed to be rigid. The column end at foundation was
considered as fixed for all the models in this study. The structural effect of slabs due
to their in-plane stiffness is taken into account by assigning ‘diaphragm’ action at
each floor level. The mass/weight contribution of slab is modelled separately on the
supporting beams.

@
 3

.5
m

@ 5m

@5m

@5m

Fig. 1 Typical structural
models used in the present
study

Studies on Identifying Critical Joints … 979



3 Evaluation of Joint Shear Demand and Capacity

A family of multi-storeyed building of 2 × 2 (@ 5 m) frame from 3 storey (10.5 m
height) to 10 storey (35 m height) is studied. The interior joint is marked as Si-INT-
j; where i represent total number of storeys in the building frame whereas j rep-
resents storey level for the joint under consideration. For example S3-INT1 means
an interior joint at 1st floor level of a 3 storey building (refer Fig. 2). Shear force
demand in the joint is estimated from the concept of capacity design.

Joint shear demand at any interior joint is calculated considering the ultimate
moment capacity of adjoining beams. Free body diagram of interior joint# S3-
INT-1 in equilibrium is given in Fig. 3 along with the forces from adjoining beam#
S3B1 at ultimate failure.

S3-INT1

S3B1

S3B3

Fig. 2 Typical designation of joints and beams used in the study

ML

MR

Vcol

Vcol

Ast

Asc 300 mm

400 
mm

Left

Right

Tb1

Cc1

Ct1 Vu

Cc2
Ct2

Tb2

Fig. 3 Forces associated with estimation of Joint shear demand
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Considering lateral loads from either direction the section designed are identical
in either side of joint. The section properties as obtained by general design meth-
odology are as follows: Top reinforcement, Ast: 1,549 mm2, Bottom reinforcement,
Asc: 455 mm2.

Though the section is designed based on the critical negative moment at support,
i.e., tension at top but in reality when the frame will be subjected to lateral load with
combination of dead and live load the negative moment will be generated at one
side and in the other side positive moment will be generated. The corresponding
stress block diagram is shown in Fig. 3.

At left side of the joint, though the beam is designed as tension reinforcement at
top, but due to generation of positive moment the Ast will act as compression
reinforcement and Asc will act as tension reinforcement. Considering equilibrium of
the beam section at left side we have

Tb1 ¼ Cc1 þ Ct1 ð2Þ

As in the ultimate state the reinforcement at tension side should reach at max-
imum stress before failure;

Tb1 ¼ 1:25fy � Asc ¼ 1:25� 415� 455 ¼ 236;000N ¼ 236 kN ð3Þ

Similarly at right side of joint

Tb2 ¼ 1:25fy � Ast ¼ 1:25� 415� 1549 ¼ 803;500N ¼ 803:5 kN ð4Þ

The column shear Vcol is obtained for critical case as Vcol ¼ 74 kN

Vu ¼ ðCt1 þ Cc1Þ þ Tb2 � Vcol ¼ Tb1 þ Tb2 � Vcol ð5Þ

Therefore, Vu ¼ 236þ 803:5� 74 kN ¼ 965:6 kN.
Thus joint shear has been calculated for a typical interior joint at different heights

using the above principle. Table 1 summarizes the results.
Joint shear capacity of beam-column joints primarily depends on (a) charac-

teristic strength of concrete, (b) geometric details or Joint aspect ratio, (c) existence
of transverse beams and slabs, and (d) column to beam strength ratio.

The typical interior beam-column joints considered here is laterally confined by
beams of dimension 300 × 400 mm from both the horizontal axes and by contin-
uous column of size 550 × 550 mm. The shear capacity is calculated for the interior
joints at different height (i.e., at different floor level) of the buildings as per selected
international building codes and other methods available in literature. Figure 4
presents the joint shear capacity versus the joint height as per different methods.
This figure shows that ACI and NZS do not consider the effect of column axial
force in the joint capacity. Although the Eurocode and Muhsen and Umemura [7]
consider the effect of column axial force for calculation of joint shear capacity the
trend is reverse.
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ACI and Eurocode require a stringent ductility detailing for the joint rein-
forcement and this reflects in the higher estimation of joint shear capacity as per
these two codes. Figure 4 shows that the NZS give the most conservative estimate
of the joint shear capacity. In absence of any method to calculate joint shear
capacity in Indian Standard, the procedure outlined in New Zealand code is used for
comparing the demand to capacity of the selected interior joints. The reason behind
selecting this is the tradition of poor ductile detailing in construction practice in
India. Figure 5 presents Variation of joint shear demand with respect to joint height
for different height of buildings. This figure found to be interesting as it shows that
the maximum joint demand occurs not in the lowest storey level but somewhere in
the second, third or fourth storey level. This result is consistent for all the building
analyzed in the present study. It is also clear from this figure that a joint shear
demand for many joints is more than the capacity for every building above 5 storey
(i.e., 17.5 m height).
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An effort has been made for correlating the joint shear demand in any interior
joint with the height of the joint. This will be helpful for identifying the critical joint
location in a building. The above each curve can be represented by simple third
order polynomial equation. If building height is represented by H and joint shear
demand is represented by Vj then Vj can be expressed as:

Vj ¼ aH3 þ bH2 þ cH þ d ð6Þ

For, Vj to be maximum, dðVjÞ
dH ¼ 0.

Therefore,

3aH2 þ 2bH þ c ¼ 0 ð7Þ

Figure 6 shows joint shear demand as a function of joint height in a typical
building. Eq. (6) is a second order polynomial of H. By solving the above equation
we can easily obtained the height of joint Hj where shear demand will be maximum.
Though the location of joint in the frame is spread in discrete way, we can predict
the location of joint with maximum shear demand in proximity of Hj. The set of Hj

and Vj,max is obtained for each building. The results are tabulated in Table 2. Ratio
(η) of joint height with maximum shear demand to the total building height is also
presented.

Joint Height, H (m)

Hj
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Sh
ea
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D

em
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d,
 V

j
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N
)

Fig. 6 Joint shear demand as
a function of joint height in a
typical building

Table 2 The set of Hj and Vj,max is obtained for selected building

Height of building frame (H) Hj (m) at Vj, max Ratio, g ¼ Hj=H

10.5 5.97 0.569

14.0 5.79 0.413

17.5 7.06 0.404

21.0 7.81 0.372

24.5 8.58 0.350

28.0 9.59 0.342

31.5 10.81 0.343

35.0 11.45 0.327
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The equation of joint shear for 3 storied building (10.5 m) was obtained as 2nd
order polynomial and other were best fit to 3rd degree polynomial. Thus, building
frame of 10.5 m height is excluded from co-relation. Otherwise, a very good co-
relation exists between H and η is obtained as,

g ¼ 0:8373H�0:265 ð8Þ

Figure 7 shows the correlation between the building height and ratio (η) of joint
height with maximum shear demand to the total building height. This figure shows
that the R-square value is very close to unity for Eq. (8).

Now we can determine the probable height of the beam-column joint with
maximum horizontal shear demand in any building with the following simple
equation as a function of total building height. This equation can be used as a
simple quick check for evaluation of beam to column joints against seismic force.

Hj ¼ g� H ð9Þ

Example: If a building of height H = 50 m with uniform storey height of 3.5 m is
designed as per capacity design principle then from the Eqs. (8) and (9) we get
Hj = 14.8 m. Hence beam-column joints at floor# 4 (at 14 m) and floor# 5 (at
17.5 m) will have highest joint shear demand.

4 Summary and Conclusions

A family of multi-storeyed building of 2 bay × 2 bay (at 5 m) frames from 3 storey
(10.5 m height) to 10 Storey (35 m height) is studied for their behaviour under
lateral load in combination with the gravity load in order to identify the location of
deficient beam-to-column joints in the frame. Shear force demand in the joint is
estimated from the concept of capacity design. The shear capacity is calculated for

y = 0.8373x-0.265

R² = 0.9557
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Fig. 7 Correlation between
the building height and ratio η
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the interior joints at different height (i.e., at different floor level) of the buildings as
per selected international building codes and other methods available in literature.
This result shows that the maximum joint demand occurs not in the lowest storey
level of the building but somewhere in the second, third or fourth storey level. The
maximum joint shear demand found to be more than the corresponding capacity for
all building above 5 storeys (i.e., 17.5 m height) studied here. A correlation between
the joint shear demands in any interior joint with its height is developed. This will
be helpful for identifying the critical joint locations in a building and design the
joints accordingly.
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Performance Based Seismic Design
of Semi-rigid Steel Concrete Composite
Multi-storey Frames

R. Senthil Kumar and S.R. Satish Kumar

Abstract Steel-concrete composite frames offer several advantages such as efficient
sections in terms of strength and stiffness, economy and speed of construction. Semi-
rigid connections can also be easily achieved by providing additional rebars in the
slab to resist hogging moments at beam ends. However, design of these frames is a
complex problem as the minimum connection stiffness and strength required to
satisfy seismic drift limitations are not easy to determine. Hence a comprehensive
study is being undertaken with the objective of determining the most optimum
connection properties for frames with various configurations such as spans and
storey heights located in different seismic zones of India. In this study, regular plane
frames of two, four and eight storeys are analysed under equivalent static and non-
linear static pushover analysis. The linear response of semi-rigid frames is charac-
terised in the form of ratios of roof drifts and time periods taken with respect to
equivalent rigid frames. The moment-rotation curves for the semi-rigid connection
are obtained from the results of an earlier study conducted by Smitha and Kumar
(J Constr Steel Res 82:164–176, 2013) on stiffened flange plate composite con-
nections. The variation of roof drifts and time periods with respect to connection
stiffness is obtained. The roof drifts under equivalent static loads and time periods
decrease exponentially with increase in connection stiffness. The analyses results
showed that significant reduction in design base shears can be achieved for practical
semi-rigid frames as the time periods of these frames are higher than that of rigid
frames. A design procedure is proposed to ensure that the frames satisfy code
stipulated drift limitations. The seismic performance of a rigid and semi-rigid frame
designed to satisfy current codal provisions are compared by carrying out non-linear
static pushover analysis. The comparison indicates that, in low (zone II) to moderate
(zone III) seismic areas, frames with semi-rigid connections can be designed to
perform satisfactorily thereby reducing the overall cost of the structure.
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1 Introduction

The use of moment frames incorporating composite steel-concrete floor systems
offers several behavioural and practical advantages over bare steel or reinforced
concrete alternatives. The increase of stiffness and capacity due to composite action
enables the use of larger beam spans under the same loading conditions. Accord-
ingly, the demand for larger and more flexible usable space, coupled with the need
for faster optimised construction processes, has led to an increased utilisation of
composite frames in recent years [5]. Composite framed construction is suitable for
earthquake resistant design as compared to pure steel and reinforced concrete
constructions since it offers large stiffness and load bearing capacity. However, the
number of detailed studies carried out on the seismic response of composite frames,
in comparison with other counter-parts is limited.

Composite connections are defined as regions where the composite beam frames
into a steel column. Frames with semi-rigid beam-to-column connections have
many economical and constructional advantages over frames with rigid connec-
tions. It is well known that semi-rigid connections provide economical options for
designing steel moment frames subjected to gravity loads, essentially due to the
reduced moment transfer from the beams to the columns. Semi-rigid connections
could be used with great advantage to resist earthquake loads, provided they satisfy
the seismic design requirements. Due to their inherent flexibility, semi-rigid con-
nections take less moment and also accommodate large rotations without severe
stress concentration effects [7]. This means that semi-rigid connections are less
susceptible to failure by brittle fracture modes such as those observed in the
Northridge and Kobe earthquakes. The more flexible characteristic of semi-rigid
connections also lead to a reduction in the seismic loads. In regions of low to
moderate seismicity, semi-rigid connections may provide a more economical and
aesthetic alternative to braced frames or frames with other lateral load resisting
systems such as shear walls.

Performance based seismic design (PBSD) method is a rapidly growing design
methodology based on the probable performance of the building under different
ground motions. The structures designed by current codes undergo large inelastic
deformations during major earthquakes. The current seismic design approach is
generally based on elastic analysis and accounts for inelastic behaviour in an
indirect manner. The inelastic behaviour, which may include severe yielding and
buckling of structural members and connections, can be unevenly and widely
distributed in the structure.

From the above discussions, it is clear that use of semi-rigid connections will be
advantageous in steel-concrete composite frames. Also, the PBSD concept needs to
be extended to composite frames with semi-rigid connections where failure will
occur in the connections rather than in the beams. This will also eliminate the need
to use Reduced Beam Sections to develop plastic hinges in the beams. Further,
PBSD design of semi-rigid frames will have great economic advantage over that of
rigid frames especially in the low to moderate seismic zones of India.
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2 Literature Review

Amajor part of the research on composite connections has been done by Ammerman
and Leon [3], Leon et al. [14] and Leon [13] who have tested connections with top,
seat and web angles under monotonic and cyclic loads. They developed the concept
of semi-rigid composite connections and observed from the tests that significant
increase in strength and stiffness of “simple” connections can be achieved by making
the steel beam act composite with the slab and by providing some supplementary
slab reinforcement in the hogging regions. The seat and web angle connection didn’t
have symmetric moment-rotation behaviour because of the lower stiffness resulting
from opening up of seat angle under sagging moments. To overcome this failure,
Smitha and Kumar [16] investigated the behaviour of flanged plate semi-rigid
connection and stiffened flange plate semi-rigid connection under cyclic loading
experimentally and analytically. The parameters affecting moment-rotation charac-
teristics of connection were discussed and various moment-rotation curves corre-
sponding to variations in parameters like rebar area to flange area, depth of web
angle to depth of beam were presented. They were found to perform equally well
under hogging and sagging moments. The energy dissipation capacity and ductility
were found to be adequate for use in seismic resistant frames.

Requirements for seismic qualification of semi-rigid connections are adequate
stiffness under serviceable limit, elastic response under moderate earthquake
(strength) and prevent collapse under severe earthquake (ductility). Kumar and Rao
[7] have given requirements of stiffness, yield and ultimate strengths, ductility and
energy dissipation capacity for use in seismic resistant frames. The requirement is
that rotation of the connection, at a moment equal to the first yield moment of the
connected beam, does not exceed 0.02 radians. Energy efficiency index of con-
nection should have a minimum value of 20 % for use in seismic areas. In all the
semi-rigid frames analyzed, plastic hinges are formed in both connections as well as
at the column base. Connections are provided with substantial ductility and stable
hysteretic behavior to eliminate the need for imposing column-to-beam over
strength factors in the presence of partial strength connections [6]. Instead column-
to-connection over strength factors need to be imposed, which allows the use of
smaller sections provided all other code requirements are met. This would also
imply a possible relaxation on the beam cross section slenderness limitations, and
thus significant economies can be achieved in the frame.

Research on semi-rigid frames by Ahsan et al. [1] indicated that instead of
ultimate strength, serviceability limit on lateral drift is most likely to govern the
design. The important role of the connection rigidity becomes apparent with the
increase in frame height. Frames with very flexible connections and greater number
of stories have collapsed even under the working load. Semi-rigid frames with
appropriate connection stiffness meet the serviceable roof drift limit of 1/300 times
the height of the frame. Pavan Kumar [15] analysed the semi-rigid steel frames of
various connection stiffness and formulated the procedure to find the minimum
stiffness to satisfy the drift limits under design earthquake.
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Connection rotation depends on the restraints the connection is subjected to and
the lateral shear on frame at the level of the connection. The maximum level of
connection rotations of medium-rise semi-rigid frames will seldom exceed the
initial and middle portions of the tri-linearised moment rotation curves. The use of
semi-rigid connections resulted in reduction in the stiffness of the frame, but the
displacements did not increase proportionally. The stiffness degradation and
pinching effects in the connection behaviour increased the story drifts. Therefore,
while designing the semi-rigid frames, connections having kinematic hardening
behaviour with minimal pinching should be utilized, to limit the connection rota-
tions. The codes also require that the moment capacity of the connections should be
more than 50 % of the beam capacity [2].

The sagging rotation capacity of composite beams consisting of a concrete slab
attached to a steel beam by a shear connection was studied by Ansourian [4]. He
proposed the expressions for the minimum inelastic rotation and deflection avail-
able at collapse.

Performance based seismic design procedure for steel moment frames based on
pre-selected yield mechanism and target drift was proposed by Lee et al. [12]. The
design base shear was derived from a modified energy balance equation incorpo-
rating the concept of seismic force reduction factor and the displacement amplifi-
cation factor. A new seismic lateral force distribution based on nonlinear dynamic
analyses was also presented. Three steel moment frames were designed using the
proposed lateral force distribution and the performance of plastic design method-
ology with specified pre-selected target drifts were studied. Analysis results showed
that the proposed design method produced structures that met the preselected
performance objectives.

3 Modelling and Analysis of Frames

Nonlinear Static Pushover analysis was carried out on rigid and semi-rigid steel
concrete composite frames to evaluate their seismic performance using SAP2000
NL. Regular two storey rigid and semi-rigid steel concrete composite plane frames
were considered for this study. Composite beams were designed as per IS
11384:1985, columns as per IS 800:2007 and seismic loads calculated as per IS
1893:2002. Bay width and storey height of the frames were taken as 8 and 4 m,
respectively. The frames were assumed to be spaced 4 m apart and supporting
reinforced concrete slab of thickness 100 mm, for calculating the dead and imposed
loads which were considered as per IS: 875–1987. The floor masses were obtained as
136 and 102 kN for the ground and top floor respectively. The frames were assumed
to be located in zone III on medium soil strata. A damping ratio of 5 % was assumed
for the steel-concrete composite frames. The frames were designed to satisfy the load
combinations stipulated in IS800:2007. Connection moment-rotation curve was
modelled as linear rotational spring for linear static and eigenvalue analysis and
nonlinear spring for Nonlinear Static Pushover analysis. Moment–rotation (M-θ)
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curves for semi rigid steel concrete composite stiffened plate connection given by
Smitha and Kumar [16] were used to develop M-θ of the connections. In SAP2000,
linear spring was modelled as linear link element and nonlinear spring as Multi-
linear Plastic link element. Connections were designed as full strength and they were
classified as semi rigid connections by stiffness criteria as per Bjorhovde classifi-
cation (IS 800–2007). Connection rotation capacity was taken as lesser of the sag-
ging and hogging rotation capacities. Composite beam’s plastic hinge and
connection’s moment-rotation curve modeled as single link. Moment-rotation curve
of the connection was bifurcated by composite beam’s plastic moment when beam’s
moment capacity was lesser than connection’s (Fig. 1). Moment-rotation curve of
composite beam was developed from expressions given by Ansourian [4]. M-θ
model given by FEMA 356 was used for steel columns.

4 Parametric Study of Semi-rigid Steel-Concrete
Composite Frames

4.1 Linear Static and Eigen Value Analysis

Connections should have adequate stiffness to satisfy the drift limitations under
serviceable loads. The usual procedure for ensuring compliance with drift limita-
tions is to apply the seismic load as an equivalent static load on the frame and carry
out a linear static structural analysis to calculate the storey and roof drifts (IS: 1893,

Fig. 1 Moment-rotation
curve of semi-rigid
connection (J = 6)
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2002). IS: 1893 (2002) imposes a limit on storey and roof drifts as 0.4 % of the
storey height and total height, respectively. For regular frames with uniform storey
heights, and subjected to a prescribed pattern of loading the two drifts will be
related and so in the present study only the roof drift is considered.

Semi-rigid frames are characterised by two parameters J and α. The ratio of
connection stiffness to the composite beam flexural stiffness is called the ‘joint
factor (J)’,

J ¼ Ko

ðEI=LÞbeam
ð1Þ

where,

KO initial tangent rotational stiffness of the connection
E Young’s modulus
I moment of inertia
L span of the beam.

The other parameter α is defined as the ratio of the flexural stiffness of beam to
the flexural stiffness of the column. Mathematically,

a ¼ ðEI=LÞbeam
ðEI=hÞcolumn

ð2Þ

where h is the height of the column.
In the present study, α is varied from 0.5 to 2 for all storeys while joint factor (J)

is varied from 2 to 10. The response parameters of interest are the variation of roof
displacements and time periods with connection stiffness. The static drift factor
(SDF) of the semi-rigid composite frame is defined as the ratio of roof displacement
of semi-rigid composite frame to that of corresponding rigid frame under the same
equivalent static lateral loads. Similarly, the time period factor (TF) of semi-rigid
composite frame is defined as the ratio of the fundamental natural time period of the
semi-rigid composite frame to that of the corresponding rigid frame. The variation
of SDF and TF with J will be similar and the fact is verified by plotting the graphs.

4.2 Nonlinear Static Pushover Analysis

Pushover analysis is frequently used in practice to study the ductility and performance
of the buildings under earthquake loading. ATC-40 capacity spectrum is used to find
the performance point of the capacity curve under DBE (Design Basis Earthquake)
and MCE (Maximum Considered Earthquake) response spectrums. Response spec-
trum of MCE is taken as twice that of DBE. The important response parameter for
performance based seismic design is inter-storey drift index (IDI). IDI is defined as the
difference in displacement of two consecutive floors divided by the storey height.
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5 Results and Discussions

5.1 Variation of Static Drift Factor (SDF)
with Joint Factor (J)

The variation of SDF with J is important since it enables the calculation of semi-rigid
frame drifts from the corresponding rigid frame drifts. Variation of SDF with joint
factor (J) and α has been studied for the two storey frames. α can be varied by
changing either the moment of inertia or the lengths of beams and columns. In the
present study, α is varied from 0.5 to 2 by changing the moment of inertia of column
(Ic). Although the roof displacement depends on the absolute values of member
geometric properties, SDF is almost independent of the absolute values for same
value of α. Thus, variations in member geometric properties such as member length
and section moment of inertia can be accounted for by using the simple parameter α.
Table 1 gives the sectional properties of the frames analysed. The variation of SDF
with J for the two storey frame for four different α values is shown in Fig. 2. Figure 2
shows that SDF decreases exponentially with increase in J. Since, frame lateral
stiffness increase with increase in J, frame drifts will decrease. From the Fig. 2 it can
also be observed that the variation of SDF with α is relatively small compared to its
variation with J.

Fig. 2 Variation of static
drift factor (SDF) with
joint factor (J)

Table 1 Sectional properties
of frames analysed for linear
static and eigen analysis

α Ib � 10−5 m4 Ic � 10−5 m4

0.5 39.39 38.60

1.0 38.67 19.30

1.5 38.67 13.20

2.0 38.67 9.87
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5.2 Variation of Time Period Factor (TF)
with Joint Factor (J)

Figure 3 shows that TF decreases with increase in J similar to SDF. Since, stiffness
increase with increase in J, flexibility of the frame will decrease. As per
IS1893–2002, for longer periods base shear is inversely proportional to the time
period. Base shear will increase with increase in stiffness. Flexible frame attracts
less seismic force compared to stiffer frame and should be taken advantage of in the
design of semi-rigid composite frames for seismic loading.

5.3 Variation of Inter-storey Drift Index (IDI)
with Joint Factor (J)

Figures 4 and 5 show that IDI increase with decrease in J. Story drifts and roof
drifts were inversely proportional to the frame stiffness. From Figs. 4 and 5 it can be
observed that not much difference is there between joint factors 6, 8 and 10. In push
over analysis, hinges are formed in upper storeys and also in joint factor 10. It
means, if connection stiffness increases, column size should be increased to avoid
hinges in columns (Strong Column-Weak Beam Concept). The fitted curves of the
Static Drift Factor (SDF) and Time Period Factor (TF) are shown in Figs. 6 and 7,
respectively.

Fig. 3 Variation of time
period factor (TF) with joint
factor (J)
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Fig. 4 Variation of IDI with
joint factor (J) under DBE

Fig. 5 Variation of IDI with
joint factor (J) under MCE

Fig. 6 Curve fitting of SDF
with J
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6 Design Recommendations

The flexibility of semi rigid composite frame improves the seismic performance but
it increases the storey and roof drifts drastically. So, connection should have ade-
quate minimum stiffness to satisfy the drift limits under design earthquake given as
per IS 1893–2002. A design procedure is proposed here to find the minimum
connection stiffness (Jmin) for a composite frame so as to satisfy the drift limitations
under design earthquake.

The equations relating SDF and TF with J can be formulated by using curve-
fitting for the case of two-storey frame with value of α as 0.5. The relations are

SDF ¼ ðA1=JÞ þ A2 ð3Þ

TF ¼ ðA3=JÞ þ A4 ð4Þ

where A1, A2, A3 and A4 are constants given in Tables 2 and 3

Fig. 7 Curve fitting of TF
with J

Table 2 A1 and A2 values
for Eq. (3) α A1 A2

0.5 1.8187 1.0575

1 1.5865 1.0571

1.5 1.0804 1.1165

2 0.6906 1.1268

Table 3 A3 and A4 values
for Eq. (4) α A3 A4

0.5 0.6578 1.0486

1 0.6279 1.0322

1.5 0.5894 1.0275

2 0.5409 1.0203
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6.1 Steps to Predict Jmin for Semi-rigid Composite Frames
(Pavan Kumar [10])

The equations or graphs given above can be used to reduce the number of iterations
in design. A convenient design procedure is proposed as follows:

1. Obtain the number of storeys from the frame geometry.
2. Calculate the α value for the frame.
3. Select appropriate design curve or equation, for corresponding α and number of

storeys. Linear interpolation can be done for A1 and A2 values for the inter-
mediate α values.

4. Assume ΔSR = 0.004H, where H = Total height of the frame
5. ΔR can be calculated using any structural analysis program for the design

seismic load corresponding to TR.
6. Calculate SDFi = ΔSR/ΔR

7. Calculate Ji from the corresponding design curve or Eq. (3)
8. Find corresponding TF for Ji using design curve or Eq. (4)
9. Find TSR = TF � TR

10. Calculate the seismic base shear VBSR corresponding to TSR

11. Update
12. DR ¼ VBSR

VBR
� DR

Repeat the steps 6−11 till updated value of ΔR is close to the previous ΔR

obtained in step 5. The corresponding J is the minimum value which will satisfy
drift limits.

7 Conclusions

• Plots of SDF and TF as a function of the joint factor J can be used to calculate
the time period and drift of the semi-rigid composite frames corresponding
values of rigid composite frames. The values of SDF and TF were exponentially
decreased with increase in J.

• Significant reduction in seismic base shears of semi-rigid frames could be
obtained for lower connection stiffness.

• The proposed design procedure can be used to ensure that the semi-rigid
composite frames satisfy drift limitations under design seismic loads.

• Inter-storey Drift Index (IDI) decreased with increase in Joint Factor (J) and also
observed that not much difference between joint factors 6, 8 and 10. Hence, we
can get same performance with joint factor equals to 6 economically.

• If connection stiffness increases, column size should be increased to avoid
hinges in columns.
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Seismic Performance of Stairs as Isolated
and Built-in RC Frame Building

Zaid Mohammad, S.M. Talha and Abdul Baqi

Abstract Stairs are vulnerable part of buildings subjected to earthquakes while
stair elements have low ductile capacity and may be subjected to brittle failure. Also
in analysing a RC building for gravity and seismic loads, its presence is not con-
sidered due to modelling complexity instead its weight is transferred to supporting
beams or walls. Thus, design of stairs is of keen interest. Normally stair slabs are
supported on wall or cast monolithic with the floor beam provided along or across
the direction of flight. These supports provide rigidity in the stair slabs and impart
hogging moments at corners and near supports. Also, as part of building frame, the
loads are transferred from the stair slab to the supporting beams, hence a consid-
erable reduction in the deflection and moments in the stair slabs. The behaviour of
stair slab is further changed when subjected to seismic loads. Presently, the
behaviour of reinforced concrete stair slab is investigated considering different
support arrangements with and without seismic effects, and values of moments are
compared as obtained in conventional design methods based on specifications of
standard codes of practices.

Keywords Staircase � Reinforce concrete � Earthquake � Building frame �
Monolithic

1 Introduction

Stairs are vulnerable part of structures subjected to earthquakes, while stair
elements have low ductile capacity and may be subjected to brittle failure. How-
ever, while analysing a RC building for gravity and seismic loads, its presence is
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not considered due to modelling complexity and its weight is transferred to sup-
porting beams or walls. Normally stair slabs are supported on wall or cast mono-
lithic with the floor beam provided along or across the direction of flight. These
supports provide rigidity in the stair slabs imparting hogging moments at corners
and near supports. Also, due to fixed support action there is significant reduction in
the deflection and moments in the stair slabs. But in practice, such behaviour of stair
slabs is normally ignored. The true behaviour of stairs in building with varying
support arrangements is still not well understood and need be studied thoroughly.
Seismic forces acting on stairs further complicate the behaviour and a compre-
hensive test study is required. The present work is however limited to a theoretical
study on selected models to incorporate varying support arrangements.

2 Literature Review

To predict the real behaviour of stair slabs a 3D modelling of the same is an apt
choice, though researchers have initially attempted to idealize the stair slabs as a 2D
planar structures supported on walls or beams. It is seen that the behaviour is
changed with the support arrangements as claimed by Ahmed et al. [1, 2] and Baqi
and Mohammad [3]. Normally, the design of such stair slabs is done assuming it as
one way slab with effective span assumed as a horizontal distance between the end
supports. Sometimes the landing portions in a U-turn stair slabs are supported on
the sides and for such case the Indian Code of Practice (IS 456: 2000) [4] suggests a
reduced horizontal span. British Code of Standards (BS 8110 Part 1: 1985) [5] also
suggests a reduced effective span for typical support conditions which, if incor-
porated in the design, may results in some saving in the material as compared to the
conventional design. The American Code of Practice (ACI 318-05) [6], however,
does not provide any recommendation regarding the restraining effect due to
inherent support conditions. Stair slab with different boundary condition was also
analysed as two-dimensional beam model, representing a strip of unit width [7] and
found that results are comparable with that obtained by F.E. analysis. Hakan and
Ergin [7] also observed considerable axial forces develop in the stair slab with side
supported landings, due to its two dimensional behaviour, though bending moment,
shear and axial forces in transverse direction were almost constant. Also, it was
observed that such stair slabs when supported with edges on the walls behave
similar to the simply supported floor slab except at the junction of the inclined
portion of the slab and landing and the corners of landings where stresses were
abruptly increased as reported by Baqi and Mohammad [3]. The conventional
method of design, however, does not incorporate such changes in the behaviour.

During earthquakes stairs are considered to be the weakest and most vulnerable
elements in the building. Few researches have, therefore, attempted to investigate
its performance with in the existing RC building [8] and found that the stair slabs
transfer bending and axial forces to the supporting beams but attract additional
shear forces. A similar study by Zhang and Yuan [9] proved that the stair slabs are
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affected with seismic forces and may cause serious damage to the supporting beams
and columns. Stair slabs existed within RC frame structures are also found to
contribute to the global stiffness of the structure framework to its ‘K’ shaped
bracing [9, 10] and thus effecting the net deformation of the framework. It may be
concluded that the seismic effect on the stair slab needs special attention of the
researchers to give a basis for rational design of this complex structure.

Further, the behaviour of such stair slabs as part of beam-column frame system
may change due to transfer of forces from stair slab to adjoining beam/slab elements
and also due to inherent deflection of supporting beams. Specially, during earth-
quakes, transfer of forces may affect the behaviour considerably. This aspect may be
investigated by comparing the results of individual stair slab and a stair slab
incorporated in building frame. For this, in present study, the behaviour of multi-
flight stair slab with landings on both the sides supported at the ends has been
investigated theoretically with few type of models i.e. isolated stair slab with dif-
ferent support arrangements and the stair case incorporated within RC framed
building. These models have been tested subjected to gravity and seismic forces to
give the idea about its behaviour as isolated structure and as contained in RC
framed building.

3 F.E. Modelling and Analysis

3.1 Model Formation

The behaviour of multi-storied stair slab with landings has been investigated the-
oretically using four types of finite element models as below and described in
Fig. 1.

Model 1: Simply supported at edges parallel to risers
Model 2: Simply supported at edges similar to frame configuration
Model 3: Multi-flight staircase built in isolated RC frame
Model 4: Multi-flight staircase built in RC framed building

In the first model (Model 1, Fig. 1a) the stair slab with landings on both sides and
supported on walls at the ends has been idealized as 2D plate bending elements
and subjected to gravity loads i.e. the dead weight of the material and uniform
distributed live load over its complete area. The behaviour of such stair slab is also
investigated for its floor landing supported on its sides (Model 2, Fig. 1b). To predict
the behaviour of stairs in RC frames where the supporting beams are free to sag
under applied loads, a six storey staircase has been tested both as isolated staircase
building as well as a staircase included in a RC building frame. For this, two
different models (Models 3 and 4, Fig. 1c, d respectively) have been tested under
gravity loads and seismic effects acting in two orthogonal directions i.e. along and
across going in stairs.
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To compare the behaviour of a stair slab in four different models, a uniform size
of the stair slab i.e. each flight of 1.25 m wide, 1.8 m high (half of the floor height),
150 mm thick slab with inclined waist-slab of 3.75 and 1.25 m wide landings at
both the sides, has been chosen for modelling (see Fig. 2). The supports in Models 1
and 2 are assumed as simply supported where as in Models 3 and 4 the stair slab is
assumed as rigidly fixed with beam of RC frame buildings. These RC buildings
consist of 0.4 × 0.5 m sized column and 0.3 × 0.4 m beams with each storey height
of 3.6 m. In Model 4 the staircase is assumed to be incorporated near the middle of
building plan as per the normal practice. The material used in RC frame building
and stair slabs in all the four models is assumed as M20 mix concrete and Fe 415
grade steel. For a simplest finite element analysis, the slab is divided into four node
plate elements of size 0.3 × 0.3 m approximately.

3.2 Method of Analysis

The models constitute two node elements for beams and columns and four node
plates for stair slabs. Beams and column elements are subjected to gravity loads
whereas the plates are subjected to both gravity and live loads. In addition to the

Fig. 1 Types of models. a Model 1. b Model 2. c Model 3. d Model 4
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static loads, Models 3 and 4 are also analysed for seismic loads, adopting Linear
Response Spectrum method of analysis as per IS: 1893(Part I)-2002 with SRSS
combination. The different combinations of loads (as per IS 456: 2000) considered
in the analysis are given as:

i. LC (i): 1.5 ∗ (DL + LL)
ii. LC (ii): 1.2 ∗ (DL + LL ± EQ IN X)

(a) 1.2 ∗ (DL + LL + EQ IN X)
(b) 1.2 ∗ (DL + LL − EQ IN X)

iii. LC (iii): 1.2 ∗ (DL + LL ± EQ IN Z)
iv. LC (iv): 0.9 ∗ DL ± 1.5 ∗ EQ IN X
v. LC (v): 0.9 ∗ DL ± 1.5 ∗ EQ IN X

The gravity loads are undertaken as self-weight; dead weight due to stair steps
which is 2.875 kN/m2 and floor finish as 1.0 kN/m2. Whereas, the live load is
assumed to be 3.0 kN/m2 on floors and 5.0 kN/m2 on stair slabs.

4 Seismic Parameters (as Per IS 1893 (Part 1): 2002)

In the present study, for dynamic analysis both Models 3 and 4 are subjected to peak
ground acceleration (PGA) of 0.16 g i.e. Zone III. To increase the seismic effect on
the structures, importance factor (I) has been taken as 1.5, also the structures are
assumed to be ordinary moment resisting frames having response reduction factor

Fig. 2 Finite element mesh of staircase
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(R) of 3. The soil condition of the site is taken to be medium strata and the damping
coefficient is assumed as 5 %.

The analysis is based on following assumptions

1. Material is taken as homogenous, isotropic and elastic.
2. The values of modulus of elasticity and Poisson’s ratio are 22,360 N/mm2 and

0.2.
3. The floor diaphragms are taken as rigid in their plane.
4. Degree of freedom per node is 6 i.e. 3 translational and 3 rotational.
5. Torsional effect is considered as per IS 1893 (Part 1): 2002.

5 Results and Discussion

In the present study, different staircase models as discussed above have been
analysed for different load cases and for different support conditions. In each of
these cases the applied load is assumed as uniformly distributed over the complete
area of stair slabs including landings. In the Models 1 and 2, the landings are
assumed to be supported on walls whereas in case of Models 3 and 4, landings are
supported on beams of the framed structure of building. Thus, sagging of sup-
porting beams along its span will also allow the deflection of the supported
landings.

Though, the analytical results for deflection and bending moments were available
at every node of plate, for convenience, the values have been compared along
suitably chosen sections (see Fig. 2) to describe the true behaviour. The values of
deflection of stair slabs are taken at inner edge of going and average values of
moment Mx and My, are taken at centre of plates. The graphical representations of
values of deflection and bending moments Mx along critical sections i.e. section LL′
at first going, and My along XX′ and YY′ at intermediate landing and upper landing
respectively, for different load combinations are shown in Figs. 3, 4, 5, 6, 7, 8 and 9.
The results obtained from static and dynamic analysis of the models are discussed
separately for better comparison. The result values at critical positions are also
discussed.

-55

-45

-35

-25

-15

-5 

0 0.5 1 1.5 2 2.5 3 3.5 4 4.5 5 5.5 6 

D
ef

le
ct

io
n

 m
m

Distance m 

Model 1 Model 2 Model 3 Model 4

Fig. 3 Deflection variation
for static load case LC (i)

1006 Z. Mohammad et al.



-20
-10

0 
10
20
30
40
50
60
70
80

0 0.5 1 1.5 2 2.5 3 3.5 4 4.5 5 5.5 6 

M
x 

kN
m

Distance m 

Model 1 Model 2 Model 3 Model 4

Fig. 4 Bending moment Mx

variation at LL′ for static load
case LC (i)

-10

-5 

0 

5 

10

15

0 0.5 1 1.5 2 2.5

M
y 

in
 k

N
m

/m

Distance in m
Model 1 Model 2 Model 3 Model 4

Fig. 5 Bending moment My

variation at XX′ for static load
case LC (i)

-15

-10

-5 

0 

5 

10

15

20

0 0.5 1 1.5 2 2.5

M
y 

in
 k

N
m

/m

Distance in m
Model 1 Model 2 Model 3 Model 4

Fig. 6 Bending moment My

variation at YY′ for static load
case LC (i)

-30

-20

-10

0 

10

20

30

0 1 2 3 4 5 6 

M
x 

kN
m

Distance m
Model 3 LC(ii)a Model 3 LC(ii)b
Model 4 LC(ii)a Model 4 LC(ii)b

Fig. 7 Comparison of
bending moment Mx variation
at LL′ for dynamic load case

Seismic Performance of Stairs as Isolated … 1007



6 Static Analysis

6.1 Variation of Deflection

Each of the models has been separately analysed for static gravity loads i.e.
1.5 ∗ (DL + LL), here described as load combination LC (i). Since each of these
models has different support arrangements, the critical position of maximum
deflection changes in each case. Also, the values of deflection at mid-span vary due
to side support conditions and it is increased from supported edges towards the free
(inner) edge of stair slab. For the purpose of comparison of maximum deflection
anywhere in the stair slab, the values are taken at inner edge of going to obtain
higher deflections in each model. Figure 3 shows the variation of deflection along
going in all the models, where it is seen that the maximum deflection is obtained at
mid-span. Values of maximum deflection for Models 1 and 2 are seen to be about
52 and 3 mm respectively. A reduced value of the deflection in Model 2 explains
the reduction in effective span due to side supports of the landings. This is further
verified by reduction of moments in Model 2 as compared of that in Model 1
(Fig. 4). The maximum deflection in Models 3 and 4 i.e. 15 and 7 mm respectively,
is also found to be reduced as compared to Model 2. This is due to rigidity provided
by supporting beams of frame; where as in Model 4 value of deflection further
reduces due to continuity of the floor slab in landing. For glance study, the values at
critical locations are given in Table 1.
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6.2 Variation of Bending Moment Mx, Along Going of Stairs

The values of longitudinal bending moment Mx for load case LC (i), for different
models as compared in Table 1 and represented in graphical form (Fig. 4), are seen
to be critical near mid-span, kink (junction of going and landing) and in the vicinity
of the corners of landing. It is to be noted here that the critical position of the
moments are mostly undefined in conventional methods. To study the true
behaviour, the critical section along going is chosen suitably near the middle of stair
slabs i.e. LL′, and the values have been plotted for Models 1, 2, 3 and 4 in Fig. 4. It
is seen that at the mid-span, sagging moment is maximum in case of Model 1,
whereas hogging moments as seen in other models is found to be maximum near
the kinks and at continuous edges of landing. In case of Model 2 the maximum
sagging moment is reduced to 16.15 % as compared to that of Model 1, where as in
Models 3 and 4 this value is reduced to 31.57 and 21.85 % respectively. This
increased bending moment in Models 3 and 4 as compared to Model 2 is due to
additional deflection of the edges of landings supported on beams of building
frame. The maximum hogging moment of 16.6 kNm in Model 4 as obtained at edge
of landing supported on beam, is comparable to the maximum sagging moment near
mid-span. This hogging moment is never observed in Models 1 and 2 due to simple
supports. Further, Models 2, 3 and 4 have less sagging moments as compared to
Model 1 which is either due to the side supports provided below the landings or due
to extra rigidity provided by continuous floors casted monolithically with the
supporting beams.

6.3 Variation of Transverse Bending Moment My

in Landings

Bending moments in transverse direction mostly does not vary if the edges of stair
slabs are unsupported. However, due side support conditions as well as continuity

Table 1 Comparison of static analysis results

Particulars Model 1 Model 2 Model 3 Model 4 % ratio

1–2 2–3 2–4

Max. deflection
(mm)

51.48m 3.18m 14.76m 8.56m 6.17 464.15 269.18

Mx at
LL′

+ve 80.00m 12.94m 25.26m 17.48m 16.18 195.21 135.08

−ve – 10.95k 15.66ls 16.59fs – 143.01 151.5

My at
XX′

+ve 8.84m – 12.56m 1.43m

−ve – 5.10m – 0.13s

My at
YY′

+ve 8.65m 5.12m 17.56m 4.04m

−ve – – 0.61s 10.73s
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of material at landings in two directions, this moment, sometimes becomes critical
and hence need to be considered in a rational design. The results for bending
moments were available throughout the surface of stair slab including landing, but
for convenience, the values are plotted only along critical sections, suitably chosen
in landing potion i.e. XX′ and YY′ (Fig. 1) at intermediate and upper floor level
landings respectively. Figures 5 and 6 give the variation of transverse bending
moment My in landings, which show the location of critical moments i.e. near the
kink and corners of landings. At intermediate landing in Models 2 and 3, the
maximum bending moment My is observed near the kink as +12.56 kNm (sagging)
and −5.1 kNm (hogging) respectively (Fig. 5). This change in behaviour may be
due to different support arrangements, as the landings in the Model 3 are supported
on beam whereas in case of Model 2, it is supported on wall. The presence of
supporting beam and corner columns provide partial fixity to the landing, hence,
developing localized stress concentration at junctions of the columns and landing.
On the other hand, the bending moment My at floor landing (Fig. 6) varies dif-
ferently as compared to intermediate one. In this case, the critical position of
moment changes and shows concentrated sagging moment of +17.56 kNm near
kink in Model 3 and hogging moment of −10.73 kNm near supporting beams in
Model 4. But, the reason behind the development of sagging moment near support
in Model 2 is still unknown.

6.4 Von Mises Stress Distribution Under Static Loads

For a better idea of stress distribution over complete area of stair slabs including
landings, the results were obtained for Von Mises stress in contour form. For
maximum applied static loads i.e. LC (i) the results are shown for all models in
Fig. 10. It is seen that in Model 1, the deflection and moment increase from support
to mid-section of going, and the Von Mises stress varies from 0.73 N/mm2 at
supports to 21.8 N/mm2 at mid-going (Fig. 10a). However, in the case of Model 2,
the values are dramatically decreased to 0.046 N/mm2 at supports and about
5.91 N/mm2 at mid-going, because of landings supported at sides. In this case, the
maximum value of 8.57 N/mm2, is obtained at kink of floor landing. In Model 3, the
maximum value of stress is shown at corners of the intermediate landing which is
15.6 N/mm2. This is due to the partial rigidity provided by the beam. Also, the value
at mid-going increases and found to be 8 N/mm2 (approx.), showing same variation
as of Mx. On the other hand, Model 4 shows different variation from the Model 3.
The value of stress at corners of intermediate landing is reduced to 8.95 N/mm2.
This may be due to presence of adjacent floors in the building which provide extra
restraining effect to supporting beams and hence to the going slab. This can
be proved by the reduction of stresses shown at the mid going, which is found to be
5.61 N/mm2 (approx.).
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7 Dynamic Analysis

7.1 Variation of Bending Moment Mx

As mentioned earlier, Models 3 and 4 are analysed for static loads as well as
dynamic response spectrum analysis for SRSS combination. The results of the
dynamic analyses are compared in Table 2. For evaluating critical values, seismic
response of all models are observed in X direction (along going of stairs) in both
+ve and –ve X directions under load cases LC (ii)a and LC (ii)b, respectively. The
results obtained for longitudinal bending moment Mx i.e. along section LL′ are

Fig. 10 Von Mises stresses in models under LC (i). a Von Mises stresses in Model 1. b Von
Mises stresses in Model 2. c Von Mises stresses in Model 3. d Von Mises stresses in Model 4

Table 2 Comparison of dynamic analysis results

Particulars Model 3 Model 4

LC (ii)a LC (ii)b LC (ii)a LC (ii)b

Mx at LL′ +ve 23.98m 18.96m 19.12m 11.92m

−ve 8.02ls 18.04ls 6.48k 29.51ls

My at XX′ +ve 16.46m 3.33m 6.53m –

−ve – 0.07 s
– 5.53m

My at YY′ +ve 20.03m 6.78m 5.58m 0.88m

−ve 0.29s 0.776s 7.96s 9.22s
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shown in Fig. 7. It is observed that the maximum sagging moment is found
(23.98 kNm) in case of Model 3 under LC (ii)a and is comparable to that obtained
in static analysis of same model. However, in case of Model 4, the sagging moment
reduces to 11.92 kNm only under LC (ii)b, showing the minimum value in all cases.
Further, it is seen that due to seismic loads, there is development of hogging
moment at new location i.e. at kink, in addition to the junction of landing and
supporting beams where the stresses were critical under static loads. The maximum
value of hogging moment is found to be −14.11 kNm at kink on intermediate
landing of Model 4 under the load case LC (ii)b, whereas, the value at supports gets
increased to −29.51 kNm which is nearly equal to the sagging moment at mid-span
of the going in Model 3. This requires special attention to the designers to provide
extra reinforcement either or both at top and bottom faces near kinks and the
corners of landings.

7.2 Variation of Bending Moment My

When the models are subjected to seismic loads, the values of My are found to be
changed as compared to that in case of Model 2. The reason behind this behaviour
may be due to change in support configuration i.e. landing supporting on beams. At
intermediate landing, an increase of 31.1 % in the bending moment My in Model 3
at kink is observed, when it is subjected to earthquake load in +X direction i.e. LC
(ii)a (Fig. 8). In the case of Model 4, the bending moment values are found to be
+6.53 and −5.53 kNm under LC (ii)a and LC (ii)b respectively.

The values of bending moment at floor landing of Model 3, (Fig. 9) shows
16.8 % increase in the value of sagging moment near kink under LC (ii)a from static
analysis. Whereas, when the structure is subjected to seismic load in −X direction,
this value decreases to 60.4 %. Apart from that, in Model 4, there is not much
increase is observed at kink; however, there is development of hogging moment of
about 10.73 kNm at supporting beams, which is due to rigidity provided by the
adjacent floor slab to the landing. Thus area at kink, near to supporting beams and
columns are of great importance.

7.3 Variation of Von Mises Stresses Under Dynamic Loads

Models 3 and 4 are subjected to dynamic lateral loads in X (both +ve and −ve)
direction (along going) i.e. LC (ii)a and LC (ii)b. Both the Models 3 and 4 show
different variation under seismic loading (Fig. 11). When these models are
subjected to seismic load in +ve X direction, the values are found to be less than
that observed in static analysis. However, the places of critical moments obtained
under dynamic loads are same as in earlier load case. But there is significant
increase in the values from LC (i), when Models 3 and 4 are subjected to lateral
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load in −ve X direction i.e. LC (ii)b. The values are found to be 20.6 N/mm2 at
intermediate landing (Fig. 12) in Model 3 and 16.4 N/mm2 in the case of Model 4.
The reduction in the value of Model 4 is due to extra stiffness provided by the
building frame against lateral loads, which is not present in the case of Model 3.
Apart from this, there is also development of stress at kink position (about 6 N/
mm2), which is of keen interest. The Von Mises Stress Distribution is presented in
Table 3.

Fig. 11 Von Mises stresses in models under LC (ii)a. a Von Mises stresses in Model 3. b Von
Mises stresses in Model 4

Fig. 12 Von Mises stresses in models under LC (ii)b. a Von Mises stresses in Model 3. b Von
Mises stresses in Model 4

Table 3 Von Mises stress
distribution Models Von Mises stress N/mm2

LC (i) LC (ii)a LC (ii)b

1 21.8m – –

2 8.57fs – –

3 15.6ls 10.4ls 20.6ls

4 8.95ls, fs 6.68m, fs 16.4ls

Note LC Load Case; m critical value at mid-span; s critical value
at support; k critical value at kink (junction of going and landing);
fs critical value at floor landing support; ls critical value at
intermediate landing support

Seismic Performance of Stairs as Isolated … 1013



8 Concluding Remarks

Stair slabs are conventionally analysed and designed as per recommendations of
standard codes of practice adopted in the country. These codes normally describe the
methods for calculating maximum moments for given support conditions. However,
critical moments and deflection developed due to different support arrangements,
such as waist slab and/or landings supported on their sides either on walls or beams
as a part of building frames, are not considered in conventional method of design.
The present analysis considering support arrangements, as discussed above, clearly
indicates that the maximum bending moment and its location in stair slab do change
with landing supported on their sides on walls or beams of a building frame. As
described earlier, in Model 1 the stair slab is supported on the extreme edges of
landing whereas in Model 2, side supports are provided on landings. The maximum
sagging moments along the going i.e. Mx, at mid-span are reduced to only 16 % by
providing side supports at floor landing. The hogging moment up to a maximum
value of 10.95 kNm is observed in the vicinity of kinks. This shows that the
moments are redistributed on the surface due to the effect of side supports at floor
landings as well as continuity of material in the adjoining landings.
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Seismic Analysis of a 275 m Tall RCC
Multi-flue Chimney: A Comparison of IS
Code Provisions and Numerical
Approaches

Rajib Sarkar, Devendra Shrimal and Sudhanshu Goyal

Abstract Tall chimneys play pivotal role in proper functioning of many industrial
facilities like thermal, nuclear power plants, petrochemical and steel industry.
Because of the non-uniformity of the diameter along the height of the chimney and
also the variation of dead weights at different levels, seismic analyses of chimney
have become critical and the design values need to be recommended with caution.
In this paper, a RCC multi-flue chimney of 275 m height has been considered for
study. Design forces in the chimney were obtained in accordance with the stipulated
recommendations of IS 1893 (Part 4) 2005 for based on equivalent static lateral
force method. Then dynamic response spectrum modal analyses were carried out
for calculating the seismic forces developed in the chimney. The results from the
response spectrum method were compared with the values obtained from the codal
procedures for different base conditions viz. fixed base, circular raft resting on soil
and annular raft resting on piles. Next, spectrum compatible time history for the
particular project site has been considered and detailed dynamic analyses using time
history were carried out for the chimney structure. The variations in the design force
values as compared to the simplified methods are discussed and the importance of
the proper dynamic analyses in designing of multi-flue RCC chimney is
highlighted.

Keywords IS code � Multi-flue chimney � Seismic analysis

1 Introduction

Tall chimney structures require special attention for structural analysis and design
activities. As the ratio of base dimension to chimney height is nearly one tenth
(1/10), chimney behaves like a slender structure and detail dynamic analysis is
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absolutely necessary for assessment of seismic forces. IS 1893 (Part 4): 2005 [2]
stipulated provisions for seismic analysis of RC chimney considering equivalent
lateral force method. But, the code also mentioned the importance of detail seismic
analysis of chimney by response spectrum method of analysis and also time history
method of analysis. In the present paper, study has been carried out for a tall RCC
chimney with different methods of seismic analyses and comparison of the design
forces is being presented for different foundation conditions.

2 Details of the Chimney Considered

2.1 Chimney Profile

A RCC chimney is now being constructed at a thermal power plant in Haldia, West
Bengal, India. The details of this chimney are adopted for the study. Salient features
of the chimney profile are provided in Table 1. Overall, seven access/restraint
platforms at different elevations have been considered. Two flues are provided and
the flues are made up of mild steel and for its thermal insulation mineral wool of
thickness 100 mm is used.

2.2 Material Properties

Material properties assumed in the analyses and design are tabulated in Table 2.

Table 1 Salient features of chimney profile

Height of the chimney: (above FGL considered at level 0.00) 275.0 m

Height of the wind shield 269.3 m

External diameter of the chimney at base 32.0 m

External diameter of the chimney at top 15.3 m

Concrete shell thickness at base 0.85 m

Concrete shell thickness at top 0.40 m

Internal diameter of each flue 5.0 m

No. of flue 2

Thickness of each flue 10.0 mm (for mild steel)

Table 2 Material properties
considered in the analyses Grade of concrete M30

Elastic modulus of concrete 33.5 GPa

Poisson’s ratio of concrete 0.17

Density of concrete 2,500 kg/m3

Grade of steel Fe 415

1016 R. Sarkar et al.



3 Soil Profile Considered for the Study

As stated earlier, the present study has been carried out for a project site at Haldia in
West Bengal, India. The site is very near to a river and the ground conditions at the
site comprise superficial deposits underlain by the clay formation. The parameters
of the soil profile considered in the study are provided in Table 3.

4 Types of Foundation

Though pile foundations are ideal foundation type for the prevalent soil conditions
at the particular site and high loading on the chimney, following types foundation
are considered for the analyses as per IS 1893 (Part 4): 2005 [2]. For example,

i. Fixed base or raft on hard soil,
ii. Circular raft on soil,
iii. Annular raft on pile foundations.

Raft on soil and annular raft on pile foundations are considered with the
translational and rotational spring stiffness attached to the base of the structure. The
stiffness values are computed as per the recommendation of IS 1893 (Part 1): 2002
[3] considering the foundation to be resting on strata IIIA as shown in Table 4.
Following parameters of soil were adopted: Poisson’s ratio ν = 0.3 and shear wave
velocity, Vs = 160 m/s. For annular raft on pile foundations, total 436 numbers of
600 mm diameter piles with 1,250 kN vertical capacity (IS 2911 (Part 1): 1979 [4]
are employed for calculation of stiffness values with outer diameter of raft as 51.2 m
and inner diameter 18.2 m. The detail pile calculation is out of scope of the present
paper.

Table 3 Generalized soil profile and the soil parameters

Strata
no.

Basic
description

Thickness
(m)

Unit weight γ
(kN/m3)

Cohesion
Cu (kPa)

Friction angle
ϕ° (degree)

I Soft silty clay 2 19.1 40 –

II Soft clayey silt 5 18.2 23 –

IIIA loose sandy silt 12.5 18.0 – 28

IIIB Medium dense
silty sand

3 19.0 – 30

IV Stiff clayey silt 2.5 18.4 49 –

V Medium dense
silty sand

1.5 19.0 – 32
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In practice, fixed base condition is generally assumed for the analyses of the
chimney structures and the foundation compliance is generally note taken into
cognizance [1]. In the subsequent sections, the changes in design forces in the
chimney for various foundation conditions are discussed.

5 Computer Model Adopted for Analyses

STAAD.Pro (V8i) software package has been used for modeling and analysis
purpose. Tall chimney with ratio of base dimension to chimney height approxi-
mately 1/10 is a highly slender structure and behaves like a pure cantilever beam
element in response to the horizontal earthquake or wind load action. Hence, this
275 m tall RCC chimney was modeled with beam element as available in STAAD.
Total thirty two nodes are considered for the full height of the chimney. Thirty one
beam elements are formed connecting the consecutive nodal points. Self-weight is
distributed all over the height of the chimney. Other permanent loads are applied at
the corresponding levels. Total weight of the chimney considering was calculated to
be 267,840 kN. Springs were attached at the base node according to the foundation
type. This model is shown in Fig. 1.

Table 4 Major inputs for seismic analyses

Input parameter Input dependence Input value

Zone factor (Z) Location of the project site 0.24

Importance factor (I) Structure type 1.75

Response reduction factor (R) Seismic damage performance of
the structure

3

Damping as a fraction of critical
damping, ξ

Dynamic property of the structure 3 % of critical
damping

Soil sites Soil type of the project site Medium

m2

k2

m1

k1

m31

k31

Fig. 1 Conceptualized
chimney model with beam
element
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6 Inputs for the Seismic Analyses

The inputs for the seismic analyses are mentioned in the Table 4.

7 Types of Seismic Analyses

Following types of analyses were performed for the chimney

i. Simplified Analysis (IS Code): IS 1893 (Part 4) recommends simplified
analysis by equivalent static lateral force method and provides the formulae for
calculating the design bending moment and the shear force by utilising moment
and shear distribution factors. The analysis is carried out in MS-Excel (2010)
spreadsheet.

ii. Response Spectrum Analysis: The code also recommends dynamic response
spectrum analysis for stack like structures. For this IS 1893 (Part 1): 2002 [3] is
referred. Overall 10 nos. of modes were considered and SRSS rule of modal
combination is employed in the analysis. This analysis is carried out in
STAAD.

iii. Time History Analysis: Detail dynamic analysis using time history was carried
out using spectrum compatible time history generated for the site Haldia.
Analysis is carried out in STAAD.

8 Spectrum Compatible Time History for Haldia Site

Sarkar et al. [6] has generated spectrum compatible time history for Haldia site
since no strong motion records are available. Based on the expected PGA at the site,
the recorded earthquake motion data from the September 20, 1999 Chi–Chi
Earthquake having a magnitude of 7.6 with PGA of 0.25 g from TCU122 station
was selected. This time history was then modified to obtain the spectrum com-
patible time history to be used for the study. The target spectrum was considered as
per IS 1893 (Part 1: 2002) [3] with medium soil condition. The comparison of
different spectra is shown in Fig. 2a, b shows the spectrum compatible acceleration
time history for the particular site. Damping of 5 % was adopted for input earth-
quake time history.

In nutshell, three types of analyses were carried out for the RCC chimney with
different three types of foundations and the design forces in the chimney section
were then compared.
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9 Results and Discussion

9.1 Design Forces for Different Foundation Conditions
as Per Codal Provisions

Figure 3 presents the comparison of shear force and bending moment profiles of the
chimney for different foundation types as per the stipulation of IS code. It was
observed that the shear force along the chimney sections for fixed base conditions is
higher than the values obtained by considering other two types of foundations. But
the base shear forces are identical for all the cases. Bending Moment in case of raft
foundation on soil is higher than that of for piled and fixed base conditions because
of lower rigidity. But the variation is not very significant. Hence, it may be said that
the foundation type plays an important role in determining the shear force in the
chimney sections but not that extent in case of bending moment. Again, the vari-
ation of shear force may be pivotal in designing the wind shield under earthquake
conditions.

Fig. 2 a Comparison of target and compatible response spectrum of Chi–Chi Earthquake time-
history. b Spectrum compatible acceleration time history (Courtesy Sarkar et al. [6])
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9.2 Design Forces from Response Spectrum Analyses

The RCC chimney with different foundations was then analyzed with response
spectrum method of analysis. Figure 4 compares the shear force and bending
moment profile for different types of foundations. Unlike the codal provisions, the
shear force and bending moment profile have steep change in gradient at about the
elevation of 250 m. It may be noted that the flues were hung from that elevation and
due to the sudden increase in weight at that elevation the design forces changed at
that location. Therefore, from Figs. 3 and 4, it is clear that IS code provision could
not capture the sudden increase in forces but response spectrum analyses were more
precise than the codal provisions. Again, it may be observed that the shear force and
bending moment profiles are almost similar for different types of foundations
though the chimney with raft foundation yield more force than the other two types
of foundations due to lower rigidity of the overall system. Also, base moment and
shear forces for fixed base condition are lowest compared to the other two foun-
dation conditions. So assuming chimney structure as fixed base condition and
analyzing it for design may not be safe in terms of design forces. Hence, adoption
of proper foundation condition is absolutely necessary for designing structures as
important as chimney.

Fig. 3 Design forces as per codal provisions: a shear force b bending moment
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9.3 Design Forces from Time History Analyses

Time history analyses were then carried out to obtain the design forces in the
chimney sections. The spectrum compatible time history generated for Haldia site
was then employed as the base motion for the chimney with different foundations.
The maximum design forces along the chimney height obtained from time history
analyses are presented in Fig. 5. It may be observed from Fig. 5 that the design
forces changes its gradient at the elevation from where flues were hung. It was
similar as observed in response spectrum method analyses. Again like response
spectrum analyses, the forces for chimney with raft foundation are on the higher
side compared to the values for other two types of foundations. However, the forces
predicted by the time history analyses are on the higher side in comparison to that
of the response spectrum analyses. So it may be stated that time history analyses
captured the essential characteristics the design forces and also predicting higher
values of the design forces.

Fig. 4 Design forces with response spectrum analyses: a shear force b bending moment
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9.4 Comparison of Design Forces from Different Methods
of Analyses

This section discusses, in detail, the comparison of design forces obtained from
different methods of analyses and for different types of foundations. The compar-
ison of base shear forces and base moments are presented in Fig. 6. For fixed base
condition, it was observed that time history analysis yields higher design forces for
height more than 150 m but the base forces are higher from the codal stipulations.
Jain et al. [5] also concluded that IS codal stipulation over estimates the base forces
for fixed base situation.

When the foundation is raft on soil, the design forces obtained from time history
analyses are higher. The base shear is about 16 % higher and the base moment is
3.5 % higher than the value obtained from codal procedure. From response spec-
trum analysis, the base shear is 12 % higher than the codal values.

When the foundation type is annular raft on piles, the time history analyses yield
9.4 % higher base shear and 3.8 % higher base moment than that obtained from IS
code of practice. From response spectrum analysis, the base shear is just about 1 %
higher than the IS code values. It may be mentioned that the response spectrum
analyses yielded lesser base moment than the other two analysis procedures.

Fig. 5 Design forces with time history analyses: a shear force b bending moment
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10 Conclusion

A comparative study has been carried out for 275 m tall multi-flue RCC chimney
for design forces in the chimney sections with different foundation types. The study
may be summarized as following.

i. Types of foundation have significant influence on the design forces in the
chimney section.

ii. Though base moment and shear for fixed base conditions are higher with IS
codal procedure, the moment and shear at higher elevations of the chimney are
critical with detail dynamic analysis.

iii. Detail dynamic analysis with time history yields critical values of design
moment and shear for foundation types of raft on soil and annular raft on piles.

iv. Based on the observations, detail dynamic analysis with time history is rec-
ommended for analysis and design of tall RCC chimney.

Fig. 6 Comparison of design
forces from different methods
of analyses: a comparison of
base shear force b comparison
of base moment
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Finite Element Simulation of Earthquake
Resistant Brick Masonry Building Under
Shock Loading

A. Joshua Daniel and R.N. Dubey

Abstract Modelling and analysis of a brick masonry building involves uncertainties
like modelling assumptions and properties of local material. Therefore, it is necessary
to perform a calibration to evaluate the dynamic properties of the structure. The
response of the finite element model is improved, predicting the parameter by per-
forming a linear dynamic analysis on experimental data by comparing the accelera-
tion. Further, a nonlinear dynamic analysis was also performed comparing the roof
acceleration and damage pattern of the structure obtained analytically with the test
findings. The roof accelerations obtained analytically were in good agreement with
experimental roof accelerations. The damage patterns observed analytically after
every shock were almost similar to that of experimental observations.

Keywords Brick masonry building � Finite element model � Dynamic analysis �
Shock loading � Experimental data

1 Introduction

Masonry is mainly a composite, anisotropic and a non-homogeneous material.
The brickwork is a combination of bricks and mortar joints. The response of
masonry subjected to loading depends on the properties of its brick, mortar and their
interaction. Further, the response of masonry depends on the layout of bond and their
interaction with other structural members. Modelling of masonry is a highly chal-
lenging process. Normally a high computation cost is associated with the intrinsic
complexity of masonry that requires a large number of degrees of freedom [5],
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which usually excludes simplifications like rigid diaphragms and ideal connections
which is applied in modelling of other kind of structures. Another reason for the
complexity is that the material constitutive models are not well defined, especially in
the non-linear range.

As of now, numerical models have mainly been validated for an individual
structural component. However, the validation of the entire building is still not
available. Development of adequate techniques, which authenticate the numerical
models, can be a major contribution to provide a powerful tool to assess and predict
the performance of brick masonry structures. Until now, only a few studies refer to
the analysis of masonry structures [1, 14]. Based on the previous literature reviews
it was revealed that the modulus of elasticity plays a vital role in representing the
actual experimental behaviour of masonry. Further, the modulus of elasticity
depends on other parameters like workmanship, quality of brick, quality of the
mortar, thickness of the mortar joint, ambient condition and type of curing. So, for
an effective analysis, parametric study on Young’s modulus will have to be carried
out. During cyclic loading the masonry walls will be subjected to simultaneous in-
plane and out-of-plane load [16]. Individual validation on in-plane behaviour and
out-of-plane behaviour of the material constitutive law, concrete damage plasticity
(CDP) shows that it will be extremely effective under combined loading scenario.
The same concrete damage plasticity (CDP) used by Rai et al. [16] to study the non-
linear behaviour of un-reinforced masonry walls subjected to cyclic loading is used
for this study. Further, a nonlinear dynamic analysis was also performed on the
earthquake resistant brick masonry building. The problem statement of this study
requires the explicit technique for analysis. This explicit technique does not require
a fully assembled system’s stiffness matrix; rather it solves the problem using the
theory of dynamic wave propagation in solids. As iterations are not performed,
much smaller increments of the applied load are required for the explicit technique
to provide acceptable results and thus can simulate highly nonlinear events [3].

Dubey [4] performed an experiment on earthquake resistant brick masonry
building on shock table facility available at the Department of Earthquake Engi-
neering, IIT Roorkee. A total of eight shocks with intensity varying from 0.53 to
4.52 g were applied at the base of the model. The corresponding acceleration
obtained at roof after every shock was also recorded. In this study the first shock
and its corresponding roof acceleration are being considered to calibrate of the
model. We expect that this study will contribute to the improvement of calibration
for analysis of the brick masonry building. Further, the effectiveness of this cali-
bration will be verified by performing a non-linear dynamic analysis on earthquake
resistant brick masonry building by applying the base shock recorded during
experimentation and by comparing the analytical roof acceleration and damage
pattern with that of the test findings.
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2 Model Descriptions

The earthquake resistant brick masonry building, constructed on the shock table [4]
was tested under the increasing intensity of the shock loading. The base acceleration
as well as the roof acceleration was recorded. The plan and the elevation of the
earthquake resistant brick masonry building are shown in Fig. 1.

3 Structural Modelling

The physical model constructed on the shock table is modelled in ABAQUS.
Masonry with mortar is modelled as a homogeneous material. The walls, roof and
lintel are modelled using a solid 8-nodded linear hexahedral element with incom-
patible modes (C3D8I) [14]. Tie constrains are used to connect different structural

Fig. 1 Plan and elevation of half scale earthquake resistant brick masonry model

Fig. 2 Meshed finite element
model of earthquake resistant
brick masonry building
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members. The reinforcement is modelled using 2-noded, linear truss element
(T3D2) and is embedded inside the respective material [12]. Displacement is
unrestrained along the direction of shock loading and is restrained in all other
directions. Figure 2 shows the meshed finite element model of earthquake resistant
brick masonry building.

4 Result on Parametric Study

Masonry, Concrete and Steel are the materials used in the model. Density, Poisson
ratio and Young’s modulus were the properties used in this parametric study. It is
assumed that for the first shock the materials will be within the elastic limit. So, by
applying the shock 1 at the base and by retaining constant value for all the materials
except the Young’s modulus of masonry, the roof acceleration obtained was
compared with the experimental roof acceleration. A linear dynamic analysis was
performed and Table 1 shows the detail of parametric analysis.

5 Material Modelling

The seismic response is a cyclic process on all materials. The cyclic load has the
influence on the material behaviour. Masonry is a brittle material with very low
tensile stress. During uni-axial compression or tension test, modulus of elasticity is
constant up to the yield. The non-linear material properties help in understanding
the material behaviour beyond the elastic range.

Concrete, masonry and rebar are the materials used in the actual physical model.
The metal plasticity in ABAQUS is used for recreating the nonlinear material
response of rebar [17]. The CDP in ABAQUS is used for replicating the nonlinear
behaviour of concrete [17, 6, 10]. Same as concrete, masonry is a brittle material
with very low tensile strength. Therefore, CDP used for concrete is adopted for
recreating the nonlinear behaviour of masonry.

Table 1 Detail of parametric analysis for the earthquake resistant brick masonry building

Material Trial Young’s
modulusa

Base
acceleration

Experimental roof
acceleration

Analytical roof
acceleration

N/m2 g g g

Masonry 1 2.3 × 109 0.53 0.61 0.57

2 2.3 × 109 0.53 0.61 0.60
a Density of concrete = 2,400 kg/m3 ; Young’s modulus of concrete = 1.94 × 1010 N/m2 ; Poisson
ratio of concrete = 0.2; Density of steel = 7,850 kg/m3 ; Young’s modulus of steel = 2.00 × 1011 N/
m2 ; Poisson ratio of steel = 0.3; Density of masonry = 1,920 kg/m3; Poisson ratio of masonry = 0.2
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5.1 Masonry

The compressive strength of masonry prism used in this study is 4.1 MPa [11]. The
stress-strain curve for masonry in compression developed using tri-linear model
[11] has been used in this study. The tensile strength of masonry used in this study
is 0.28 MPa [13]. The stress-strain curve for masonry in tension used by Chen et al.
[2] is adopted for this model. Figure 3 shows the stress strain curve for masonry in
compression and tension. The other parameters are used for masonry by CDP are
density = 1,920 kg/m3, modulus of elasticity = 2.8 × 109 N/m2, Poisson’s
ratio = 0.2, dilation angle = 30°, flow potential eccentricity = 0.1, ratio of initial
equi-biaxial compressive yield stress to initial uni-axial compressive yield
stress = 1.16, ratio of second stress invariant = 0.667, viscosity parameter = 0 [11].

5.2 Rebar

The steel of Fe 250 grade is used for reinforcement. Figure 4 shows the stress-strain
graph for rebar [15]. The other parameters used for steel are density = 7,850 kg/m3,
modulus of elasticity = 2 × 1011 N/m2, Poisson’s ratio = 0.3 [9, 9, 15].

5.3 Concrete

The concrete used for lintel and RC slab is of grade M15. Therefore, the charac-
teristic compressive strength [8] for M15 grade is 15 MPa. The stress-strain curve
for concrete in compression is developed from an empirical relation used by Hu
et al. [7] is adopted for this study. The maximum stress will be reached at a strain
approximately equal to 0.002. The strain at which the failure of concrete occurs is
taken as 0.005 [15]. The stress-strain curve for concrete in tension developed from
an empirical relation used by Vecchio. Vecchio [18] is adopted for this study.

Fig. 3 Stress-strain curve for masonry in compression and tension
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Flexural strength of concrete is calculated based on the formula given in Indian
code of practice IS: 456-2000 [8]. The limiting tensile strain of concrete is 0.0001
[15]. Figure 5 shows the stress-strain curve for concrete in compression and tension.
The other parameters used for concrete by CDP are density = 2,400 kg/m3, modulus
of elasticity = 1.94 × 1010 N/m2, Poisson’s ratio = 0.2, dilation angle = 38°, flow
potential eccentricity = 0.1, ratio of initial equi-biaxial compressive yield stress to
initial uni-axial compressive yield stress = 1.16, ratio of second stress invari-
ant = 0.667, viscosity parameter = 0 [10].

6 Observation

The earthquake resistant brick masonry building modelled in ABAQUS was sub-
jected to a gradually increasing intensity of shock loading and a nonlinear dynamic
analysis was performed. During experimentation on the actual physical model, a
total of eight shocks were being applied.

Fig. 4 Stress-strain curve for steel

Fig. 5 Stress-strain curve for concrete in compression and tension
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6.1 Acceleration

The acceleration recorded at the base during actual physical testing is applied at the
base of the analytical model. The roof acceleration thus obtained is compared with
the experimental roof acceleration. Figures 6, 7, 8, 9, 10, 11, 12, and 13 show the
comparison of base acceleration applied at the base of the model recorded during
experiment, with the corresponding analytically obtained roof acceleration. Table 2
shows the base acceleration of each shock with corresponding experimental as well
as analytical roof acceleration.

6.2 Damage

During the experiment, the shock was applied along east west direction. The same
is being simulated analytically, and it was observed that until third shock, there was
no visible damage on masonry model. The same situation has also been observed

Fig. 7 Input acceleration at base and estimated response at roof of shock 2

Fig. 6 Input acceleration at base and estimated response at roof of shock 1
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during experimentation. Figure 14 shows the minor damage to the south shear wall
after sixth shock. Figure 15 shows the damage of north south shear wall after
seventh shock. Figure 16 shows the damages in the north shear wall after eighth

Fig. 8 Input acceleration at base and estimated response at roof of shock 3

Fig. 9 Input acceleration at base and estimated response at roof of shock 4

Fig. 10 Input acceleration at base and estimated response at roof of shock 5
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shock. The earthquake resistant brick masonry model withstood all the eight shock.
The damage pattern obtained analytically were quiet similar to that of the
experiment.

Fig. 11 Input acceleration at base and estimated response at roof of shock 6

Fig. 12 Input acceleration at base and estimated response at roof of shock 7

Fig. 13 Input acceleration at base and estimated response at roof of shock 8
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Table 2 Comparison of roof acceleration for earthquake resistant model

Shock Base acceleration Experimental roof
acceleration

Analytical roof
acceleration

Loading
pulse (g)

Rebound
pulse (g)

Loading
pulse (g)

Rebound
pulse (g)

Loading
pulse (g)

Rebound
pulse (g)

Shock 1 0.53 – 0.61 – 0.60 –

Shock 2 0.88 – 1.09 – 1.05 –

Shock 3 1.18 1.05 1.55 1.03 1.51 0.99

Shock 4 1.45 1.51 1.88 1.44 1.81 1.35

Shock 5 1.93 1.62 2.02 1.84 1.83 1.75

Shock 6 2.73 2.18 2.90 2.62 2.70 2.51

Shock 7 3.38 3.35 3.85 3.62 3.55 3.42

Shock 8 4.52 4.05 4.59 4.14 4.50 3.79

Fig. 14 Comparison of experimental and analytical damage of south shear wall after shock 6

Fig. 15 Comparison of experimental and analytical damage of south shear wall after shock 7
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7 Conclusion

The modelling and analysis of brick masonry building involves uncertainties like
modelling assumptions and the properties of local material. The properties of local
material include numerous other parameters like workmanship, quality of brick,
quality of the mortar, thickness of the mortar joint, ambient condition and type of
curing. To overcome these uncertainties a parametric study was performed to
estimate the dynamic property comparing the acceleration of the first shock. Further
a nonlinear dynamic analysis was performed comparing the roof acceleration and
damage pattern of the structure obtained analytically with the experimental
observation. The conclusion drawn from the above study are summarized below

• The roof accelerations obtained analytically were in good agreement with
experimental roof accelerations. The variation in the roof accelerations is nearly
13 %.

• No damage was observed both in analytical model as well as during experi-
mentation till fifth shock.

• The crack propagation and the damage pattern observed analytically in earth-
quake resistant brick masonry model after every shock were almost similar to
that of experimental observation.
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Seismic Damage Evaluation
of Unreinforced Masonry Buildings
in High Seismic Zone Using
the Nonlinear Static Method

Abhijit Sarkar, Lipika Halder and Richi Prasad Sharma

Abstract Seismotectonic features of northeast India signify a very high probability
of occurrence of major earthquake in future. However, a considerable portion of the
building stock of this region is unreinforced masonry buildings. These buildings
possess very little displacement capacity and consequently a devastating effect may
be observed during a future earthquake. Therefore, potential seismic evaluation of
unreinforced masonry buildings in these areas is very essential in order to imple-
ment any kind of seismic hazard mitigation strategy. In this study, seismic evalu-
ation of representative masonry building models is carried out by performing
pushover analysis using available computer program SAP2000. In this method the
masonry walls are modeled as equivalent frame made of vertical (pier) and hori-
zontal (spandrels) elements with rigid intersecting joint elements and lumped plastic
hinge concept. The model simulates nonlinear in-plane behaviour of the wall
panels. The shear failure of spandrel is addressed by shear hinge at the middle and a
combined failure of pier is addressed by two P-M interaction hinges at either end of
the pier. However, combined failure is governed by the minimum failure envelope
of P-M interaction curves to ensure the effect of vertical load on the failure of pier.
Lastly, fragility curves which express the expected damage as a function of spectral
displacement were developed based on the capacity curve.
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curve
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1 Introduction

In the past, northeastern region of India experienced several destructive earthquakes
such as the 1897 Shillong earthquake (Mw 8.1); the 1918 Srimangal earthquake (Ms

7.6); the 1947 Arunachal earthquake (M 7.5); the 1950 Assam earthquake (Mw 8.7)
etc. This region of India is divided into five seismotectonic zones as Eastern
Himalayan collision zone, Indo-Myanmar subduction zone, Syntax is zone of
Himalayan arc and Burmese arc (Mishmi Hills), Plate boundary zone of Shillong
Plateau and Assam Valley and Bengal Basin and Plate Boundary Zone of Tripura
Mizoram Fold belt based on the distribution of epicentres, fault plane solution and
geotectonic features. This region is also reported as the most severe seismic zone of
India in Indian seismic code (IS 1893 2002). Hence, there is a very high probability
of occurrence of major earthquake in this region in future. However, these earth-
quakes caused a damaging effect in life and property of this region. A considerable
portion of housing in this region is unreinforced masonry (URM) buildings due to
its lower cost of construction, availability of materials and ease of construction.
However, these buildings are very vulnerable during earthquake since they possess
very little nonlinear deformation capacity in contrast to the newly built structures
based on new earthquake resistant design codes. So, failure of these buildings
extends damages to a great extent. Therefore, potential seismic evaluation of URM
buildings is to be carried out before implementing any kind of effective seismic
hazard mitigation strategy for this region.

Finite element (FE) approach is powerful tool for seismic evaluation of URM
building but it is time consuming and requires a large amount of data. Moreover,
high computational cost, more significantly high analytical skill required for this
approach as these models are based on isotropic-orthotropic homogeneous non-
linear material, or even heterogeneous nonlinear material assumptions. In addition,
discrete element formulations based on the nonlinear behavior of joints between
masonry units are also consider in this approach. Instead of the more refined FE
approach, now-a-days equivalent frame analysis approach is widely used for ide-
alization of URM buildings (e.g. [2, 12, 13, 15, 16, 19, 20, 23]). In this approach,
the URM building is idealized as an assemblage of one-dimensional elastic beam
elements consisting of piers (vertical components) and spandrels (coupling hori-
zontal structural components), which are characterised by concentrated plastic
hinges in the well-specified cross-sections.

It has been observed in the past earthquake and also reported in the literatures
that seismic response of masonry buildings with flexible roof is governed by out-
of-plane action of wall, while in the case of buildings with rigid roof the response is
governed by the in-plane failure of the walls [14, 24]. The main aim of the present
study reported in this paper is seismic vulnerability assessment of residential
unreinforced masonry buildings with flat rigid roofs/floors, simulating the in-plane
behavior. Equivalent frame approach is used for idealization of the URM buildings.
It is found in the literature that the capacity curve obtained from nonlinear static
analysis is used for developing fragility curves [7, 21, 23]. In this study the fragility
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curves that are used to predict the level of damage that a building may experience
based on probable ground acceleration level are also derived for those buildings.

2 Nonlinear Static Analysis (Pushover) on Equivalent
Frame Model

Nonlinear static analysis or pushover analysis is very familiar in performance based
evaluation methodology in order to estimate nonlinear lateral deformation capacity.
It has the advantage over linear analysis as the latter cannot sufficiently simulate the
seismic response of the masonry buildings [17] and over dynamic analysis as well.
The nonlinear modeling of the structure is prepared using equivalent frame modeling
approach in SAP2000. The material is assumed to be homogeneous and isotropic
and consequently, the complex nature of masonry will not be highly influential in the
simulation and thus it is saving of time, memory and economy. In equivalent frame
modeling approach, the structure is idealized as a frame-like structure of one-
dimensional elastic beam elements. An equivalent frame model (EFM) of a wall with
opening has three components such as vertical elements which are modeled as piers,
horizontal elements that are modeled as spandrels and rigid end offsets modeled pier-
spandrel intersections which are supposed to be stiffer than joining piers and
spandrels [13]. In order to consider coupling effect between pier and spandrel, the
effective height of the pier is taken as per Dolce [6] and effective length of the
spandrel is taken as the length equal to the length of the opening [22]. An EFM of a
typical perforated masonry wall with identification of h′,D, H used in the calculation
of the effective height of the piers as per Dolce [6] is shown in Fig. 1 and the effective
height of the pier as per Dolce [6] can be expressed as such:

Heff ¼ h0 þ D: H � h0ð Þ
3:h0

ð1Þ

Fig. 1 Equivalent frame
modeling of a typical masonry
wall plane with identifications
of h′ used in the calculation of
effective height of piers as per
Dolce [6]
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The model so produced is elastic and nonlinear behavior is introduced in the
model by assigning plastic hinges at the appropriate locations. The plastic hinges
are to be well-characterised by the constitutive relationships as these govern the
accuracy of the simulation to the actual structural problem. In the model, a single
shear hinge is provided at the middle of the horizontal element and this is governed
by the shear-deformation relationship of the element. On the other hand, P-M
interaction hinges are provided at either end of the vertical element to simulate the
combined behavior of piers in rocking and shear [23]. The influence of the axial
stress is taken into account considering the following principal failure modes as
found in Magenes and Calvi [14].

(1) Rocking: With increase in horizontal load, formation of tensile cracking at
both ends of masonry pier leads to a rigid body rotation about its compressed
toe and final failure is obtained by crushing of diagonally opposite compressed
corners of the piers. Tensile strength of masonry is not considered. This failure
is prevalent in slender piers. The governing equation describing rocking failure
is expressed as:

Vr ¼ D2tp
2H0

1� p
Kfu

� �
ð2Þ

where p is the mean vertical stress, D is the pier width, t is the pier thickness, H0 is
the effective pier height, fu is the compressive strength of masonry, K is a coefficient
which takes into account the vertical stress distribution at the compressed toe
(a common assumption is an equivalent rectangular stress block with K = 0.85).

(2) Diagonal tension: This is a very common damage during earthquake in the
form of diagonal cracks in the walls. It occurs due to less tensile strength of
masonry. When principle tensile stress exceeds tensile strength of masonry for
a given mean compressive axial stress and peak shear stress, diagonal cracks
form at the centre and propagate towards the ends of the piers. As earthquakes
are reversed seismic action, generally double diagonal (X) shear cracks are
observed. However, the path of crack formation is highly dependent on rel-
ative strength of masonry components. The governing equation describing
diagonal tension failure is expressed as:

Vd ¼ ftuDt
b

ffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ p

ftu

r
ð3Þ

where ftu is the tensile strength of masonry, b is a coefficient related to the pier
aspect ratio and accounts for the distribution of shear stress at the centre of the wall
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(b = 1 for aspect ratio ≤ 1, b = value of aspect ratio for 1 < aspect ratio < 1.5, b = 1.5
for aspect ratio ≥ 1.5).

(3) Sliding: As name suggests, relative sliding occurs between upper part and
lower part of wall. Due to reversed seismic action, horizontal tensile crack
forms in the bed-joints and this can act as a potential sliding plane along which
sliding can occur. This failure is generally occurred for low levels of vertical
loads or low friction coefficients. The governing equation describing sliding
failure is expressed as:

Vs ¼ Dt
1:5cþ lp
1þ 3 cav

p

 !
ð4Þ

where av ¼ M
VD ¼ H0

D

� �
is the shear ratio, c is the masonry shear strength with zero

vertical stress, and μ is the coefficient of sliding friction of the masonry joints.
The shear capacities of a pier under three principal failure modes can be cal-

culated using Eqs. 2–4. It is clear from these equations that shear capacities are
influenced by the mean vertical stress acting on the pier. Therefore, changes in
vertical stress will affect the failure mode. This effect can be addressed by the
inclusion of a P-V interaction in the hinge definition. However, P-V interaction is
not available in the SAP2000. But P-M interaction can be opted by converting shear
capacity multiplied by effective pier height into moment capacity. The locus of the
minimum shear capacities out of three principal failure modes at different levels of
axial stresses forms minimum failure envelope. The failure envelope is normalised
by maximum axial compressive force under pure compression Pmax ¼ Pu ¼ð
KfuDtÞ and maximum moment capacity as shown in Fig. 2.

The constitutive relationship for defining plastic hinges are taken from Petrovčič
and Kilar [18] which were determined as per Eurocode 8 [5], in which the structural
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P m
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M/Mmax

Rocking
Sliding
Diagonal tension
Combined minimum
failure envelope

Fig. 2 Normalised P-M
interaction curve (minimum
failure envelope formed by
combination of all the
principal failure modes)
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performance are represented by three limit states which are damage limitation (DL),
significant damage (SD) and near collapse (NC). The adopted constitutive rela-
tionships are given in Fig. 3.

The pushover analysis is carried out on the model under constant gravity loads
and gradually increasing lateral load conforming to an inverted triangular force
distribution pattern in the desired horizontal direction. For simplification of the
problem, the predominant dynamic response of the building is assumed to be
governed by fundamental mode of vibration. And the response of the structure is
obtained in the form of pushover curve (base shear as a function of top
displacement).

3 Analysis of Existing Masonry Buildings

The low rise URM and RCC buildings are adequately found in Agartala. Among
these buildings, URM buildings are considered in this present study as these
buildings are primarily designed to resist vertical loads and there are lacks of
earthquake resistant features which lead to failure of the buildings under inertial
lateral loads generated during earthquake. All the buildings of a building class are to
be analysed in order to obtain a comprehensive damage scenario of an area. How-
ever, the entire process of analysis of all the buildings consumes a huge time and it is
cumbersome as well. Therefore, it is better to group the buildings based on some
parameter and then find out the representative building of these groups for further
analysis. In this study, grouping of the buildings is done based on the total floor area
of the buildings which may indicates the socio-economic levels of this city Agartala.
Three groups as, Group-I (Gr-I) for total floor area less than 600 sq. ft (*56 sq. m.),
Group-II (Gr-II) for total floor area between 600 and 1,200 sq. ft. (*56–112 sq. m.)
and Group-III (Gr-III) for total floor area greater than 1,200 sq. ft. (*112 sq. m.) are

M/Mmax

1

0.8

θ
θDL θSD θNC 1.1θNC

V/Vmax

θ
θDL θSD θNC1.1θSD

1

0.6

(a) (b)

Fig. 3 Constitutive relationships of the plastic hinges, a moment-rotation relationship for pier,
b shear-displacement (given in terms of chord rotation) relationship for spandrel
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considered here. The responses of the representative buildings of each building
group are studied by conducting nonlinear static analysis. Since construction prac-
tice and material properties of the buildings of same class of an area are more or less
similar, representative buildings are sorted out from the available building plans

Table 1 Grouping and distribution parameters of the URM buildings

Plan sl. no. No. of storey Total floor
area (sq.m.)

Wall density (%) Group

x-direction y-direction

1 1 54.04 7.94 9.28 Gr-I

2 1 43.98 6.29 9.77

3 1 48.15 7.97 7.31

4 1 52.21 6.50 9.49

5 1 52.74 7.88 10.25

6 1 47.71 6.67 7.64

7 1 65.91 7.40 9.70 Gr-II

8 1 85.81 2.77 4.40

9 1 69.86 8.58 5.99

10 1 83.41 5.55 7.05

11 2 87.97 6.29 9.77

12 2 105.48 7.88 10.25

13 2 95.42 6.67 7.64

14 2 96.31 7.97 7.31

15 2 104.44 6.5 9.49

16 2 136.08 6.31 6.90 Gr-III

17 2 146.34 7.07 7.68

18 2 150.01 7.24 8.49

19 2 182.81 5.84 6.81

20 2 207.18 6.65 6.64

21 2 147.02 6.73 8.37

22 2 164.00 6.35 7.85

23 2 159.08 6.44 5.45

24 2 136.65 7.59 7.55

25 2 173.20 9.07 6.67

26 2 154.99 5.97 7.96

27 2 136.43 8.50 7.85

28 2 169.69 6.71 7.64

29 2 194.07 7.93 6.93

30 2 135.81 7.33 9.58

31 2 141.74 8.55 7.44

32 2 149.67 6.65 9.20

33 2 116.88 6.30 7.87

34 2 155.28 5.39 7.85
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based on the parameter, which is expected to influence the resistance of the building,
such as wall densities (amount of cross-sectional wall area per total floor area in each
direction). Table 1 shows the grouping and distribution of parameters of 34 nos
URM buildings.

The building plans are very much irregular in plan; eccentricities (distance
between centre of mass and centre of rigidity, as a ratio of the dimension of the
building, in the direction of earthquake) are excluded for the selection of repre-
sentative buildings. To this end, mean and standard deviation for wall densities of
all the buildings of three groups are calculated and these are listed in Table 2. The
building plans whose values are nearer to the mean values of each group are
considered as a representative building plan for the pertinent group and their
parameters are listed in Table 3. The plan view of the ground floor of the repre-
sentative buildings are shown in Fig. 4. The particulars of the four representative
buildings of three groups (Gr-II has two representative buildings as one single
storey designated as Gr-IISS and another double storey named as Gr-IIDS) are
tabulated in Table 4. The material properties used in the analysis are taken from the
Manual of Indian Society for Earthquake Technology [11] with 1:6 cement-sand
mortars. The property like shear modulus is taken as 0.35E; friction coefficient is
taken as the maximum limit and self-weight is taken from IS 875 [3] and these are
listed in Table 5. These four representative buildings are modeled by EFM to
simulate seismic behavior. The 3D EFMs of two representative buildings are shown
in Fig. 5. The nonlinear static analysis has been carried out by using the FEM based
software SAP2000 to develop capacity curve for all the four buildings. Pushover
curves are then converted into bilinear capacity curve as suggested by FEMA 356
[8]. Bilinear capacity curves of the representative buildings are shown in Fig. 6. It is

Table 2 Mean and standard deviation of the wall densities

Group Wall density in x-direction (%) Wall density in y-direction (%)

Mean Standard deviation Mean Standard deviation

Group-I 7.21 0.80 8.96 1.19

Group-IISS 6.07 2.53 6.78 2.22

Group-IIDS 7.05 0.80 3.23 1.33

Group-III 6.98 0.98 7.62 0.95

Table 3 Parameters of selected representative buildings of three groups

Group Selected
plan sl. no.

Fundamental
frequency (Hz)

Wall density
(%) in x-direction

Wall density
(%) in y-direction

Gr-I 4 7.70 6.50 9.49

Gr-IISS 10 10.00 5.55 7.06

Gr-IIDS 15 4.20 6.50 9.49

Gr-III 21 4.80 6.73 8.37
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observed from the Fig. 6 that the yield displacement of the building under Gr-III is
less than the Gr-IIDS building, which signifies that the effective lateral stiffness is
more for Gr-III building. Table 3 also justifies this behaviour as the frequency of
Gr-III building is more than Gr-IIDS.

Fig. 4 Plan view of the ground floor of the representative buildings of a Gr-I, b Grp-IISS,
c Gr-IIDS, and d Gr-III

Table 4 Description of the representative buildings

Particulars Gr-I Gr-IISS Gr-IIDS Gr-III

Building storey G + 0 G + 0 G + 1 G + 1

Storey height (m) 3.2 3.202 3.2 3.2

Structural wall thick-
ness (m)

0.25 0.254 0.25 0.25

Slab thickness (m) 0.11 0.127 0.11 0.11

Height of opening
(m)

Door-2.1
Window-1.2

Door-2.118
Window-1.22

Door-2.1
Window-1.2

Door-2.1
Window-1.2

Walls in x-direction 6 5 6 6

Total piers per storey
in x-direction

11 10 11 20

Walls in y-direction 4 6 4 5

Total piers per storey
n y-direction

16 16 16 16

Seismic weights (kN) 1158.8 1453.733 981.45 (2nd)
1173.24 (1st)

1143 (2nd)
1445 (1st)

Centre of mass (x, y)
(in m)

2.57, 5.39 4.06, 5.56 2.57, 5.39 4.05, 4.2

Centre of rigidity
(x, y) (in m)

2.58, 5.39 3.72, 5.64 2.42, 5.4 3.8, 3.99
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Table 5 Material properties considered for representative buildings

Parameter Value Parameter Value

Self-weight (γ) 18.85 kN/m3 Young’s modulus (E) 2,000 MPa

Compressive strength (fu) 6 MPa Shear modulus (G) 700 MPa

Tensile strength (ftu) 0.25 MPa Friction coefficient (μ) 0.8

Shearing strength (c) 0.39 MPa

(a) (b)

Fig. 5 3D EFMs of the representative buildings of a Gr-I, and b Gr-III
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4 Derivation of Fragility Curves

Fragility curves are a set of cumulative distribution curves which represent
exceedance probability of certain damage states as a function of seismic ground
motion intensity. Ground motion intensity is represented in terms of spectral dis-
placement at a certain period. Four states of damage are listed in HAZUS [9] as
slight, moderate, extensive and complete. It is not easy to identify damage states in
the nonlinear pushover curves. However, damage state thresholds which are given
in terms of yield and ultimate displacement (Sdy and Sdu) can be identified in the
bilinear capacity curves and such damage state thresholds as per Giovinazzi [10] are
used in the present study and listed in Table 6.

Fragility curve follows the form of lognormal cumulative distribution function
with median value and a logarithmic standard deviation or dispersion of seismic
ground motion corresponding to a particular damage state [1].

Therefore, probability of exceedance of damage state ds, given the spectral
displacement Sd, is described by the following expression [9]:

P dsjSd½ � ¼ /
1
bds

ln
Sd
Sd;ds

� �� �

bds ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
CONV bc; bD½ �ð Þ2 þ bT :dsð Þ2

q ð5Þ

where Sd;ds is the median value of spectral displacement at which the building
reaches the damage state threshold, ds; βds is the standard deviation of the natural
logarithm of spectral displacement for damage state, ds; ϕ is the standard normal
cumulative distribution function; βC is the uncertainty related with building
capacity; βD is the uncertainty related with earthquake demand and βT,ds is the
uncertainty related with damage state threshold. Total variability is influenced by
the βT,ds and the combined uncertainty of capacity and demand, CONV [βC, βD] and
it is calculated by convolution process. In order to minimise the difficulty level of
convolution process, the pre-calculated values of damage-state beta from
‘Advanced Engineering Building Module’ (Table 6.5, [9]) are used. The values are
already used by Singh et al. [23] and also suggested that minor degradation cor-
responds to slight damage, major degradation corresponds to moderate damage, and
extreme degradation corresponds to extensive and complete damage. Considering
moderate conditions, the values corresponding to βC = 0.3 and βT,ds = 0.4 is taken
for values of βds which are tabulated in Table 7.

Table 6 Damage state
thresholds for URM structures Damage state Giovinazzi [10]

Slight 0:7Sdy
Moderate 1:5Sdy
Extensive 0:5 Sdy þ Sdu

� �
Complete Sdu
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5 Establishment of Fragility Relationships of the URM
Buildings

Fragility curves are prepared for the groups of the buildings using the capacity
curve parameters of the single representative buildings pertinent to the groups. In
this regard, analytical fragility curves are developed using median spectral dis-
placements for the damage states equal to the spectral displacements estimated
using relationships of Table 6 and standard deviation listed in the Table 7.

In IS 1893 [4], two earthquake levels are considered as maximum considered
earthquake (MCE) and design basis earthquake (DBE). For zone V, MCE is con-
sidered for peak ground acceleration of 0.36 g whereas DBE is considered for
0.18 g. In the present study, demand spectrum (5 % damping) corresponding to
0.36 g for medium soil site proposed in the IS 1893 [4] is used to calculate the
spectral displacement demand by using FEMA 356 [8] displacement coefficient
method. These bilinearised capacity curve parameters corresponding to MCE level
are listed in Table 8. As per this table the ultimate spectral displacement of the first
storey buildings groups (group I and II) are less and will undergo higher damages in
the lesser spectral displacement demands. However, the other groups will experi-
ence complete damage state at comparatively higher spectral displacement.

Fragility curves for the representative buildings are shown in Fig. 7. The spectral
displacement demands for the buildings corresponding to the MCE level are
identified in the fragility curves (MCE demand is shown in fragility curves by the
blue dashed line). The discrete damage state probabilities can be calculated by
taking the difference of the cumulative exceedance probabilities of successive
damage states for a given spectral displacement demand. The fragility curves show
that at MCE, the probability of exceeding complete damage state is nearly 50 % for
all the groups of buildings. More than 60 and 80 % probability is there that the
building will cross the extensive and moderate damage states. However, the
probability of exceeding slight damage state is nearly 100 % for all the group.

Table 7 Values of standard deviations (βds) for damage states [9]

Damage states Slight Moderate Extensive Complete

For βC = 0.3 and βT,ds = 0.4 0.80 0.95 1.05 1.05

Table 8 Bilinearised capacity curve parameters for the analyzed models of the representative
buildings

Damage state Fundamental period (T) (s) Sdy (mm) Say (g) Sdu (mm) Sau (g)

Gr-I 0.13 0.60 0.16 3.77 0.29

Gr-IISS 0.10 0.74 0.26 2.21 0.43

Gr-IIDS 0.24 4.52 0.25 17.59 0.38

Gr-III 0.21 2.15 0.19 10.59 0.37
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6 Conclusions

URM buildings occupied a large portion of the housing stocks in India and the
seismic evaluation of this kind of building is very essential especially for high
seismic region like northeast India. In this present study, four URM buildings of
Agartala are considered for the seismic damage evaluation and nonlinear static
analysis is performed considering inverted triangular distribution of lateral loading
along the height of the buildings. The analysis of these buildings is restricted up to
the in-plane mechanisms of the walls. The nonlinear modeling has been carried out
by equivalent frame modeling approach. In this modeling approach piers and
spandrels are modeled as one dimensional elastic beam elements with concentrated
plastic hinges at the well-defined locations and junctions are modeled as rigid end
offsets. The axial force effect in the piers is also considered in the P-M interaction
hinges. The minimum failure envelope considering three possible principal failure
modes is fed into the P-M interaction hinges and due to this the variation of failure
modes with different levels of axial forces can be obtained. Since damage states
cannot be easily marked on the nonlinear capacity curves, the obtained nonlinear
capacity curves are bilinearised as per FEMA 356 displacement coefficient method.
Consequently, convenient damage state thresholds proposed by various literatures
are easily identified on these bilinearised capacity curves. Displacement based
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Fig. 7 Fragility curves for buildings under a Gr-I, b Gr-IISS, c Gr-IIDS and d Gr-III
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analytical fragility curves are generated using the spectral displacement demands of
the representative buildings at various damage states as median values and dis-
persion taken from expert opinion based values for the URM buildings suggested
by the HAZUS technical manuals. The fragility curves represent the damage sce-
narios of the building groups. Present study reveals that for URM buildings,
probability of exceeding complete damage state under MCE level is 50 % and a
very high probability is there that the building may suffer moderate to extensive
damage state.
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Design Guidelines for URM Infills
and Effect of Construction Sequence
on Seismic Performance of Code
Compliant RC Frame Buildings

Putul Haldar, Yogendra Singh and D.K. Paul

Abstract Un-reinforced masonry (URM) infilled RC framed buildings are the most
common construction practice for modern multi-storey buildings in India like many
other parts of the world. Although the behavior and failure pattern of the global
structure changes significantly due to infill-frame interaction, the general design
practice is to treat them as non-structural elements and their stiffness, strength and
interaction with frame is often ignored, as it is difficult to simulate. Indian Standard,
like many other major national codes, does not provide any explicit guideline for
modeling of infills. This paper takes a stock of controlling design provisions in some
of the major national seismic design codes to ensure the desired seismic performance
of infilled frame. Most of the national codes on seismic design of buildings still lack
in adequate guidelines on modelling and design of URM infilled frames results in
variable assumption in analysis and design. This paper, using nonlinear pushover
analysis, also presents the effect of one of such assumptions of conventional
‘simultaneous’ analysis procedure of infilled frame on the seismic performance of
URM infilled RC frame buildings.

Keywords Construction sequence � Infilled frame � RC frame � Seismic design
codes � URM infills

1 Introduction

Reinforced concrete buildings constitute the majority of the multi-storey buildings
throughout the world, especially in developing countries like India. The typical
construction in urban India consists of Reinforced Concrete (RC) moment-resisting
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frame structures with Un-Reinforced Masonry (URM) infills, especially because of
ease in construction and cost effectiveness. Past earthquakes have shown [1–5] that
the degree of infill-frame interaction changes the behavior of the RC structure and
consequent damaging action of infills mostly leads to undesired structural perfor-
mance. Modeling RC frame structure with URM infills still remains a challenging
task due to the inherent uncertainty in infill-frame interaction leading complex
failure mechanism of infilled frames when compared to bare RC frames, either at
member level (e.g. shear failure in columns, Fig. 1a; damage to joint region,
Fig. 1b) or the global behavior (e.g. soft storey mechanism, Fig. 2).

The complex infill-frame interaction makes the modeling and analysis of infilled
frame difficult for designers. Particularly in absence of computation and time
inexpensive modeling guidelines of infills for all practical purposes, URM infills are
treated as non-structural elements and their stiffness, strength, and interaction with

Fig. 1 a Shear failure of column; b Shear failure of beam-column joint due to strut action of infill
in 2003 Bingöl earthquake [5]

(a) (b)

Fig. 2 a Typical Indian multi-storey buildings with ground storey kept open for parking; b failure
due to soft/weak storey phenomenon in an open ground storey building during 2001 Bhuj
earthquake
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frames are often ignored in general design practice. Indian Standard, like many
national standards is silent about the modeling guidelines of infilled frame, leaving
free the designer to assume suitably. These variable assumptions make the retro-
fitting of huge stock of such vulnerable buildings even more difficult. For the
purpose of consensus, an attempt has been made in this paper to compare the
controlling design provisions of some of the major national seismic design codes
[6–9] to ensure the desired seismic performance of infilled frame. Further, using
nonlinear pushover analysis, this paper also presents the effect of one of the most
common assumptions of conventional ‘simultaneous’ analysis procedure of infilled
frame on the seismic performance of URM infilled RC frame buildings.

2 Provisions for URM Infilled RC Frames in Seismic
Design Codes

Despite scrupulous research on infilled frames, infill panels in frame buildings are
traditionally not designed as structural components, mostly because of the absence
of adequate modeling guidelines in national standards. None of the national stan-
dards, except NZS-4230 [8], provide any modeling guidelines for infills. Some of
the national codes [7, 8] recognize the need of considering the effect of infills in the
seismic response evaluation of infilled frames and prescribe some precautionary
checks, whereas other codes [6, 9] are silent on this issue. The control on design
parameters to obtain the desired safety against possible considered earthquakes in
some major seismic design codes are discussed below.

2.1 Seismic Design Guidelines for URM Infilled RC Frames
in Indian Seismic Code

Indian Standard [6] exercises three types of controls in the design to ensure the
desired seismic performance [10]. The code prescribes effective Response Reduc-
tion Factor to control ductility demand on the structure, imposes minimum design
base shear by providing capping on the design period (Eq. 1) for calculation of
design base shear, and controls flexibility by limiting inter-storey drift. The
empirical expression for design period for URM infilled RC frame buildings, is
given as

Ta ¼ 0:09hffiffiffi
d

p ð1Þ

where, Ta (s) is the design natural period of a building having height equal to h (m)
and base dimension d (m) along the direction of the vibration. The capping is
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implemented by scaling all the design member forces due to earthquake by a factor

equal to VB
VB
, where VB is the base shear calculated using the empirical design period,

and VB is the base shear obtained analytically. However, Indian codes are silent
about Response Reduction Factor and permissible allowable inter-storey drift of
frame with infill panels.

Again, it is commonly found that the ground storey is kept open in these multi-
storey buildings for parking purposes, leading to soft ground storey failure under
earthquake loading. According to BIS [6] guidelines, these open ground storey
buildings should be designed for 2.5 times the base shear obtained from bare frame
analysis.

In addition to the above provisions, the design of URM infilled RC buildings is
governed by the general design provisions of Indian Standard BIS [11]. The pro-
visions most relevant to the present study are the control of beam deflections for
Serviceability Limit State and minimum reinforcement requirements. In some cases,
these criteria, govern the size and reinforcement of the members.

2.2 Seismic Design Guidelines for URM Infilled RC Frames
in European Seismic Code

European code of practice [7] well recognizes the significant contribution of infills
to the lateral stiffness and resistance of building and recommends considering the
effect of increased strength and stiffness due to presence of infills in an indirect way.
Without recommending any particular model, the codes emphasizes on the use of a
reliable model, CEN [7] specifies that in absence of a precise model, the design
period to be used to evaluate the seismic base shear should be taken as the average
of that for the bare frame and for the elastic infilled frames (Eq. 2). Seismic demand
on frame members can then be determined by modeling the frame structure without
the infills.

Ta ¼ CtH
3
4ð Þ ð2Þ

where,

Ct ¼ 0:075ffiffiffiffiffi
Ac

p ð3Þ

and

Ac ¼
X

Ai 02þ lwi
h

� �2

;
lwi
h

� 0:9 ð4Þ

1058 P. Haldar et al.



H is the height of the building; Ac is the total effective area of the masonry infills
in the first storey of the building; Ai is the effective cross-sectional area of infill i in
the direction considered in the first storey of the building; and lWi is the length of
infill i in the first storey, in the direction parallel to the applied forces.

The influence of the irregular distribution of infill panels, in plan or in elevation,
is also addressed in Eurocode-8 (2004). It suggests increasing the effects of the
accidental eccentricity by a factor of 2 when masonry infill panels are irregularly
distributed but not constitute a severe irregularity in the plan. In case of severe plan
irregularities, sensitivity analysis regarding the position and the properties of the
infills is recommended, whereas, non-uniform distribution of infills in elevation can
be catered by amplifying the seismic action effects on columns through a magni-
fication factor (η > 1.1), given as

g ¼ 1þ DVRWP
VEd

� �
� q ð5Þ

where, DVRW is the total reduction in the resistance of masonry walls in the storey
concerned, compared to the more infilled storey above it;

P
VEd is the sum of the

seismic shear forces acting on all vertical primary seismic members of the storey
concerned; and q is the behavior factor.

2.3 Seismic Design Guidelines for URM Infilled RC Frames
in New Zealand Seismic Code

The New Zealand code, NZS-4230 [8], deals with infilled frames in a much detailed
manner. It is the only code providing modeling guidelines for the infills. The code
clearly acknowledges that infill panels modify the structural behavior and have an
adverse effect on the seismic performance of frame unless complete separation from
the surrounding frame is provided. The design provisions of this code are governed
by the reduced period of vibration resulting in increased seismic load and ductility
demand on the frame members of the infilled frame a. For the purpose of force
distribution, the code idealizes infilled frame as an equivalent diagonally braced
frame having the width of the masonry infill diagonal as one quarter of its length.
Possible failure modes i.e., shear failure of infill panels, crushing of the diagonal
strut, tension failure of infill panels, flexural or shear failure of columns, soft storey
mechanism after failure of infill panels, have been identified, though not quantified,
as these are difficult to predict with accuracy. Therefore, to avoid shear failure of the
supporting columns, NZS-4230 [8] recommends designing infilled frames for
higher structural type factors unless the infills are properly tied with the surrounding
frames to act together in full composite action. To ensure satisfactory performance
of infilled frame after the shear failure of the infills at a level, NZS-4230 [8]
suggests ductility demand at any storey level should not be more than two. Thus
maximum storey ductility µ, for building of equal story height can be expressed as
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g ¼ nþ 1
n

ð6Þ

where, n is the number of storeys.

2.4 Seismic Design Guidelines for URM Infilled RC Frames
in American Seismic Code

Unlike the design code for new buildings, the American code for rehabilitation of
existing buildings [9] and FEMA guidelines [12–14] clearly explain the procedure
to assess the seismic response of infilled frames. According to these documents, the
effect of masonry infill panels can be replicated by introducing one or more con-
centrically or eccentrically placed equivalent diagonal struts. The thickness and
modulus of elasticity are kept same as that of the infill panel, whereas the equivalent
width of the infill panel prior to cracking is defined as

a ¼ 0:175 k1hcolð Þ�0:4rinf ð7Þ

where,

k1 ¼ Emetinf sin 2h
4EfeIcolhinf

� �1
4

hcol column height between centerlines of beams
hinf height of infill panel
Efe expected modulus of elasticity of frame material (concrete)
Eme expected modulus of elasticity of infill material
Icol moment of inertia of column
Linf length of infill panel
rinf diagonal length of infill panel
tinf thickness of infill panel and equivalent strut

3 Construction Sequence of Infilled Frames

Traditionally, infill panels in framed buildings are provided after construction of the
frame is completed, at least for a few storeys. The construction sequence of infill
panels relative to RC frame followed in India is shown in Fig. 3.
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Figure 3a, c show intermediate stages of construction of infill panels in RC
frames, whereas Fig. 3b show the final stage. The construction sequence of infilled
frames leads to a gap between the infill panel and the beam above (Fig. 3c). This
gap spares the infill panels from resisting any gravity load coming to the frame.
Even relatively small initial gap can have significant effect on the structural
behavior of infilled frames [15, 16]. According to [17], parameters like initial lack
of fit between infill and frame, and workmanship may have even higher impact on
the strength of infilled frame than the parameters like strength and stiffness of infills,
though these are difficult to be quantified and generalized. Contrary to the actual
sequence of construction, in the conventional ‘simultaneous’ analysis procedure,
the infills and the frame are considered to come to existence instantaneously, and
the infills are also subjected to vertical as well as lateral loads, along with the frame
members. The application of this fictitious vertical load in the infills may signifi-
cantly affect their behavior, simulated in a simultaneous analysis.

(a) (b)

(c)

Fig. 3 Photographs showing typical construction sequence of an infilled frame building:
a intermediate stage, b final stage of construction, c gap between infills and beam due to
construction sequence of infilled frames
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4 Parametric Study

In order to study the effect of conventional assumption of ‘simultaneous’ con-
struction of infilled frame in analysis, on the realistic seismic behavior of infilled
frames, a parametric study has been carried out on a set of multi-storey RC frame
buildings with solid uniform infill panels, considering the generic building plan
shown in Fig. 4 for mid-rise (four storey) and high-rise (ten storey) buildings. The
thickness of solid infill panels are considered as 115 and 230 mm for interior and
exterior partitions, respectively, as per the prevailing practice in India. As there are
large number of existing buildings designed only for gravity loads even in high
seismic zones (III, IV and V), the present study considers both the set of mid and
high-rise buildings designed for gravity loads only, considering relevant Indian
Standards BIS [11, 18, 19]. The two sets of four and ten storey uniformly infilled
RC frame buildings have been assumed to be situated on hard soil [6] in seismic
zone IV (Effective Peak Ground Acceleration, EPGA = 0.24 g for Maximum
Considered Earthquake, MCE).

4.1 Modelling of Infilled Frame

Three dimensional space frame models of the buildings have been developed using
structural nonlinear analysis software SAP2000 [20]. Beams and columns have
been modeled as 3D frame elements. The floor/roof slabs are modelled as rigid
diaphragms and the rigidity of beam-column joints is simulated using the guidelines
of ASCE/SEI-41 Supplement-1 [21]. Realistic idealization of infill panels is the
most crucial issue in simulating the behavior of URM infilled RC frame buildings.

Fig. 4 Plan of the generic building
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Infill panels are modelled as equivalent diagonal struts as this most commonly used
approach for simulating the action of infills, and can realistically predict the failure
modes in infilled frames [22].

The seismic behaviour of the considered buildings has been estimated using
Nonlinear Static pushover analysis according to ASCE-41 [9]. For this purpose
lumped plasticity models of the buildings are developed, in which flexural (M)
hinges are assigned at both ends of beams, whereas axial force-bi-axial moment
interaction hinges (P-M-M) are assigned to columns. Axial plastic hinges, with
strength capacity estimated based on all the possible failure modes, have been
assigned at mid-length of the equivalent diagonal struts simulating infills. Non-
conforming, ‘NC’ and conforming, ‘C’ type of transverse reinforcement has been
considered for gravity designed and SMRF infilled frames, respectively, to assign
the plastic rotations for beams and columns as per ASCE-41 [9].

The construction sequence of infilled frames results in another important issue in
modelling of infills, as no vertical load is transferred through infills. To avoid
transfer of vertical load to equivalent struts, the construction sequence has been
simulated in the analysis by defining the model in two stages. In the first stage, the
bare frame is modelled and subjected to gravity loads, and in the second stage, the
infills are added to the already loaded bare frame and the whole structure is subjected
to seismic loads. Further, ‘gap’ elements have been used to de-activate the struts in
tension. Since the ‘gap’ element is active in nonlinear analysis only, the stiffness of
the gap elements has been assigned in such a way that stiffness of the infilled frame is
simulated realistically in both linear and nonlinear analyses [23].

4.2 Effect of Construction Sequence of Infills on Seismic
Behavior of RC Frame Buildings

Figures 5 and 6 show the yielding pattern of the infill panels in the four and ten
storey gravity load designed buildings, respectively, subjected to gravity load alone,
when the initial gap between infill and frame is not considered in the modeling. It
can be observed from the figures that some of the infill panels in the longitudinal
direction, in the bottom storey of the four storey building have yielded under the
gravity load itself. In case of the ten storey building, the effect is even more
pronounced, where all the infill panels in the bottom three storeys in longitudinal
direction, and the bottom two storeys in transverse direction, have crossed
“Immediate Occupancy” (IO) performance level [9]. Similarly, Figs. 7 and 8 show
the yield pattern of the infill panels in the four and ten storey buildings, respec-
tively, designed for earthquake loads. The buildings are subjected to gravity load
alone and the construction sequence has not been considered. Similar behavior is
observed in this case also, except that the number of panels yielding under gravity
load reduces due to relative increase in the size of frame members in case of
buildings designed for earthquake forces. This behavior is contradictory to the
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common observation and understanding that the infills do not share gravity loads.
Therefore, there is need to simulate the construction sequence in the analysis of
infilled frames to get realistic results.

Yield IO LS CP

(a) (b)

Fig. 5 Hinge pattern under
gravity load for the four
storey uniformly infilled
frame building, designed for
gravity loads only, when
construction sequence is not
considered in analysis:
a typical longitudinal frame;
b typical transverse frame

Yield IO LS CP

(a) (b)

Fig. 6 Hinge pattern under
gravity load, for the ten storey
uniformly infilled frame
building, designed for gravity
loads only, when construction
sequence is not considered in
analysis: a typical
longitudinal frame; b typical
transverse frame

Yield IO LS CP

(a) (b)

Fig. 7 Hinge pattern under
gravity load for the four
storey uniformly infilled
SMRF building, when
construction sequence is not
considered in analysis:
a typical longitudinal frame;
b typical transverse frame
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Past studies [9, 24–26] have shown that the equivalent strut models provide
sufficiently accurate results for frame infills. Accordingly, in this present study, an
equivalent concentric diagonal compressive strut element has been used to simulate
the infill panels. To simulate the effect of initial lack of fit between infield panel and
beam, ‘gap’ elements have been used. In presence of gap elements, the struts are
active in compression only. Since the ‘gap’ element is active in nonlinear analysis
only, the stiffness of the gap elements has been assigned in such a way that it will
not affect the linear and nonlinear stiffness of the infilled frame. In linear analysis,
one brace is inactive due to zero stiffness of gap element. Similarly, in nonlinear
analysis the gap element is in-effective in tension.

Figures 9 and 10 compare the capacity curves of the four storey and ten storey
gravity designed bare and uniformly infilled frames with and without considering
the construction sequence. It can be observed that the infills have very significant
effect on capacity curves of the buildings. The stiffness of the building increases
130 times and 68 times and strength increases 5.2 times and 3.3 times in the
longitudinal and transverse directions, respectively, in case of the four storey
building. In case of the ten storey building, the increase in stiffness is 14.6 times and
36.7 times, and increase in strength is 4.7 times and 2.5 times, in the longitudinal
and transverse directions, respectively. However, the inelastic deformation capacity
of the infilled frame decreases drastically. The sharp saw-tooth curve in case of ten
storey infilled frame building shows the sudden drop in the lateral force due to
failure of a set of infills, and quick re-gains in lateral force with displacement, due
to high stiffness of the infills.

The effect of construction sequence of infill panels on the capacity curves of four
and ten storey infilled frames can also be observed from the Figs. 11 and 12,
respectively.

Yield IO LS CP

(a) (b)

Fig. 8 Hinge pattern under
gravity load for the ten storey
uniformly infilled SMRF
building, when construction
sequence is not considered in
analysis: a typical
longitudinal frame; b typical
transverse frame
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In case of the four storey gravity designed buildings, the effect of construction
sequence is relatively small and the capacity curve is close to the case when
construction sequence is ignored, whereas in case of the ten storey building, the
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Fig. 9 Comparison of capacity curves of bare frame and uniformly infilled frame for the four
storey building designed for gravity load only: a longitudinal direction; b transverse direction

0

500

1000

1500

2000

-0.6 -0.1 0.4

B
as

e 
Sh

ea
r 

(k
N

)

Displacement (m)

(With 
Construction 
Sequence)

Bare Frame

Infilled Frame 
(Without 
Construction 
Sequence)

0

1000

2000

-0.9 -0.45 0 0.45 0.9

B
as

e 
Sh

ea
r 

(k
N

)

Displacement (m)

Infilled 
Frame (With
Construction
Sequence)

Bare Frame

Infilled 
Frame 
(Without 
Construction
Sequence)

Infilled Frame

(a) (b)

Fig. 10 Comparison of capacity curves of bare frame and uniformly infilled frame for the ten
storey building designed for gravity load only: a longitudinal direction; b transverse direction
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effect of construction sequence is so dramatic that the capacity curve in the lon-
gitudinal direction is close to that of the bare frame. This is because in case of four
storey building, no infill panel in transverse direction and a very few infill panels in
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Fig. 11 Comparison of capacity curves of bare frame and uniformly infilled frame for the four
storey building designed as SMRF as per relevant Indian Standards: a longitudinal direction;
b transverse direction
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Fig. 12 Comparison of capacity curves of bare frame and uniformly infilled frame for the ten
storey building designed as SMRF as per relevant Indian Standards: a longitudinal direction;
b transverse direction
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longitudinal direction (Fig. 5), yielded under gravity load, whereas in case of the ten
storey buildings, a large number of infill panels (particularly in the longitudinal
direction) yielded under gravity load itself (Fig. 6).

The comparison of capacity curves of the four and ten storey SMRF buildings is
presented in Figs. 11 and 12, respectively. As the buildings are designed for
earthquake forces also, the strength and ductility increases as compared to the
gravity load designed buildings. Further, as the stiffness and strength of the frame
members increases relative to the infills, the effect of infills on capacity curve
reduces. In this case, the stiffness and strength of the infilled frame is 149 times and
2.9 times, respectively of the bare frame in the longitudinal direction, and 111 times
and 2.2 times, respectively, in the transverse direction, for the four storey building.
In case of the ten storey building, these values are 14.6 times and 2.8 times,
respectively in longitudinal direction and 37 times and 2.9 times, respectively in the
transverse direction. The effect of construction sequence of infill panels on the
capacity curves of the four and ten storey SMRF buildings is similar as in case of
the corresponding gravity load designed buildings.

5 Conclusions

Infills have drastic effect on capacity curves of the infilled frames and their stiffness
and strength has been found to increase up to 149 times and 5.2 times, respectively
as compared to the bare frames for the studied buildings. The effect of construction
sequence on seismic performance of URM infilled RC frame buildings has been
studied with the help of an analytical study carried out on four and ten storey
buildings with different design levels. It has been observed that simulation of
construction sequence of infills relative to frame has a drastic impact on the esti-
mated capacity curve of the infilled frames and this effect increases with the height
of the building. The conventional simultaneous analysis ignoring the construction
sequence may be highly erroneous in some cases, and it has been found to almost
nullify the effect of infills in longitudinal direction of the ten storey building con-
sidered in the present study.

References

1. GSI (1995) Report on Uttarkashi earthquake of 20th October 1991. Geological Society of
India (GSI), Memoir 30, Bangalore, India

2. DEQ (1999) A report on Chamoli earthquake of March 29, 1999. Department of Earthquake
Engineering, University of Roorkee, Roorkee, India

3. GSI (2003) Kutch (Bhuj) earthquake 26 January 2001. Geological Survey of India Lucknow,
India

4. EERI (2002) Bhuj, India earthquake of January 26, 2001, reconnaissance report. Earthquake
Engineering Research Institute

1068 P. Haldar et al.



5. Özcebe G, Ramirez J, Wasti ST, Yakut A (2003) Bingöl earthquake of 1 May 2003
engineering report. http://www.seru.metu.edu.tr/archives.html, http://www.anatolianquake.org

6. BIS (2002) IS 1893 (Part 1) Indian standard criteria for earthquake resistant design of
structures. Bureau of Indian Standards, New Delhi

7. CEN (2004) EN 1998-1, Eurocode 8: design for structures for earthquake resistance, Part 1:
general rules, seismic actions and rules for buildings. European Committee for Standardization
(CEN), Brussels, Belgium

8. NZS-4230 (2004) Design of reinforced concrete masonry structures. Standards Association of
New Zealand, Wellington, New Zealand

9. ASCE-41 (2007) Seismic rehabilitation of existing buildings (ASCE/SEI 41-06). American
Society of Civil Engineers Reston, Virginia

10. Haldar P, Singh Y (2009) Seismic performance and vulnerability of Indian code designed RC
frame buildings. ISET J Earthq Eng 46:29–45

11. BIS (2000) IS 456 Indian standard plain and reinforced concrete-code of practice (Fourth
Revision). Bureau of Indian Standards, New Delhi

12. FEMA-273 (1997) NEHRP guidelines for the seismic rehabilitation of buildings. Federal
Emergency Management Agency, Washington, DC

13. FEMA-306 (1998) Evaluation of earthquake damaged concrete and masonry wall buildings.
Federal Emergency Management Agency. Washington, DC

14. FEMA-356 (1998) Prestandard and commentary for the seismic rehabilitation of buildings.
Federal Emergency Management Agency, Washington, DC

15. Riddington JR (1984) The influence of initial gaps on infilled frame behavior. Proc Inst Civ
Eng Part 2 77:295–310

16. Saneinejad A, Hobbs B (1995) Inelastic design of infilled frames. J Struct Eng (ASCE)
121:634–650

17. Moghaddam HA, Dowling PJ (1987) The state of the art in infilled frames. ESEE research
report no 87-2, Civil Engineering Department, Imperial College, London

18. BIS (1987a) IS: 875 (part 1) Indian standard code of practice for design loads (other than
earthquake) for buildings and structures. Bureau of Indian Standards, New Delhi

19. BIS (1987b) IS: 875 (part 2) Indian standard code of practice for design loads (other than
earthquake) for buildings and structures. Bureau of Indian Standards, New Delhi

20. SAP2000 (2010) CSI analysis reference manual for SAP2000. Computers and Structures Inc.,
Berkeley, California

21. ASCE/SEI-41 (2007) Supplement-1, update to ASCE/SEI 41 concrete provisions. American
Society of Civil Engineers Reston, Virginia

22. Haldar P, Singh Y, Paul DK (2013) Identification of seismic failure modes of URM infilled
RC frame buildings. Eng Fail Anal 33:97–118

23. Haldar P, Singh Y (2012) Modelling of URM infills and their effect on seismic behaviour of
RC frame buildings. Open Constr Build Technol J 6(Suppl 1-M1):35–41 (Bentham Science
Publishers)

24. Smith BS (1962) Lateral stiffness of infilled frames. ASCE J Struct Div 88:183–199
25. Madan A, Reinhorn AM, Mander JB, Valles RE (1997) Modeling of masonry infill panels for

structural analysis. J Struct Eng (ASCE) 123:1295–1302
26. Asteris PG (2003) Lateral stiffness of brick masonry infilled plane frames. J Struct Eng ASCE

129:1071–1079

Design Guidelines for URM Infills and Effect of Construction … 1069

http://www.seru.metu.edu.tr/archives.html
http://www.anatolianquake.org


Part X
Seismic Pounding and Mitigation in

Adjacent Structures



Experimental and Numerical Study
on Pounding of Structures in Series

Saher El-Khoriby, Ayman Seleemah, Hytham Elwardany
and Robert Jankowski

Abstract Pounding between structures in series during earthquakes may cause
serious damage in the structural elements. The aim of this paper is to show the
results of an experimental and numerical study that is focused on pounding between
more than two structures which may be described as “structures in series”. In this
study, the shaking table experiments, as well as the numerical analyses, were
performed using three tower models including rigid and flexible structures with
different configurations and different gap distances under several earthquake exci-
tations. The results show that pounding may affect the behaviour of the structures
significantly. They also indicate that the rigid towers are more influenced by
pounding than the flexible ones. Moreover, increasing or decreasing the gap dis-
tance may lead to increase or decrease in the response under different earthquakes
with no specific trend. Furthermore, the optimal gap size has been found to be either
the distance which prevents pounding or the zero gap.

Keywords Structural pounding � Numerical analysis � Series of structures �
Earthquakes � Contact surfaces

1 Introduction

Due to the high costs of land in the urban areas, buildings are constructed in contact
with each other. Such a problem may induce the reciprocal pounding between
buildings in series during earthquakes. The surveys on damage during past ground
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motions show that interactions between insufficiently separated buildings, or bridge
segments, may result in substantial damage or even contribute to total structural
collapse [1].

Numerical simulations concerning pounding phenomenon were carried out using
different structural models. The fundamental study on pounding between buildings
in series, modelled as single-degree-of-freedom systems with linear viscoelastic
model of impact force, was conducted by Anagnostopoulos [2]. More detailed
analyses were carried out on discrete multi-degree-of-freedom structural models
with the mass of each storey lumped on the floor level. Anagnostopoulos and
Spiliopoulos [3], for example, studied the effect of the mutual pounding during
earthquakes on 5 and 10-storey buildings. The buildings were idealized as lumped-
mass, shear beam type, multi-degree-of-freedom systems with bilinear force-
deformation characteristics and with bases supported on translational and rocking
spring-dashpots. The main conclusion of the study is that pounding may increase or
reduce the response of a given building in a block, depending primarily upon its
period and mass, in relation to the period and mass of the building (or buildings)
next to it, and on whether the collisions are at one or two sides. It has also been
concluded that, when the masses of two interacting buildings are similar, the
response of the stiffer building may be amplified because of pounding. Moreover, if
there are large differences in the masses of the colliding buildings, then pounding
can cause high over stresses in the structure with smaller mass. Discrete multi-
degree-of-freedom structural models, with the mass of each storey lumped on the
floor level, were also used by other researchers [4–7]. Further studies were con-
ducted using more accurate structural models. Abdel Raheem [8] studied the effect
of impact between two adjacent steel moment resistant frame buildings of 8 and 13
storeys. Such study used contact force-based model with both linear and nonlinear
springs. In addition, a nonlinear contact model accounting for energy dissipation
was also utilized to model impact. Finite element (FE) models of colliding buildings
were employed in the analysis carried out by Papadrakakis et al. [9], in which floors
of structures were modelled by single four-node plane stress elements and walls by
four linear beam-column elements. The detailed non-linear analysis of interactions
between two buildings using finite element method (FEM) was also conducted in
[10–12].

On the contrary to numerical analyses, the results of experimental studies on
pounding under earthquake excitations are very limited. Most of the experimental
studies were conducted between two adjacent buildings only. For example, Chau
et al. [13] carried out a shaking table experiment to investigate the pounding
phenomena between two steel towers with equal height of 2.0 m with different
natural frequencies and damping ratios. The towers were subjected to sinusoidal
waves of various magnitudes and frequencies as well as the ground acceleration of
the 1940 El Centro earthquake. The results of the study indicate that whether
periodic or chaotic pounding occurs depends non-linearly on the changes in
parameters of the two adjacent towers and the ground motion characteristics. It has
also been concluded that pounding amplifies the response of stiffer structures but
suppresses the response of more flexible ones. More recently, an experimental work
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has been conducted using small shaking table to study the effect of pounding
between two small towers with different frequencies, damping ratios and masses
under the NS component of the El Centro earthquake for different gap sizes
between the towers [14]. The main conclusion of the experiment is that pounding
may lead to considerable amplification of the response as well as it may also play a
positive role by reducing vibrations in some cases.

The studies for the reciprocal pounding between adjacent buildings in series
have received little attention by researchers. Detailed numerical analyses have been
conducted by Anagnostopoulos and others [2, 3]. On the other hand, according to
the author’s knowledge, the experimental study on pounding between structures in
series has not been conducted so far (compare [15]). The aim of the current paper is
to present results of a study concerning pounding between three structures. Two
configurations were tested experimentally on a shaking table using three tower
models in one raw to investigate the behaviour of structures in series when sub-
jected to different earthquake excitations. Configuration (1) studies the behaviour of
pounding between the three towers with different gap distances considering the
more rigid tower in the middle. On the other hand, Configuration (2), considers the
behaviour of pounding between the three towers with different gap distances
considering the more flexible tower in the middle.

2 Shaking Table Experiments

A unidirectional shaking table with platform dimensions 2.0 × 2.0 m (see Fig. 1),
located at the Gdansk University of Technology (Poland), was used in the exper-
imental study. Three tower models with 1.0 m height and different properties
(Figs. 2 and 3) were mounted on the platform of the shaking table. Each tower was
constructed out of four steel columns and additional skew bracings to avoid tor-
sional vibration behaviour. The columns were constructed from box sec-
tion 15 × 15 × 1.5 mm with a rectangular shape arrangement and a spacing of
480 mm in the longitudinal direction and 571 mm in the transversal one. The
bracing elements for the three towers were constructed from the same cross section
as the vertical elements and the total weight of the supporting columns of each
tower, including the horizontal members and bracings, was 10.72 kg. Concrete
plates with dimensions 500 × 500 × 70 mm and weight of 42.2 kg were mounted at
the top of each tower (see Figs. 2 and 3). In the experiment, two configurations were
tested. In the first configuration, two concrete plates were mounted on the external
towers, and only one concrete plate was located on the middle tower (Fig. 2). In the
second configuration, two concrete plates were mounted on the middle tower and
only one concrete plate was located on the external towers, as shown in Fig. 3. In
the experiment, five different earthquake records and one mining ground motion
(see Table 1) were used with gap distances varying between the zero gap up to the
gap size large enough to prevent pounding. Four accelerometers recorded the results
of the experiments, three of them (A1, A2 and A3) were mounted on the left,
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the middle and the right tower, respectively, and the forth one was attached to the
shaking table platform. The natural properties of the towers, determined from the
free vibration tests, are summarized in Table 2.

In this paper, the detailed results for the cases of zero and 40 mm gap distances in
addition to the case of independent vibrations (gap distance large enough to prevent
pounding), under the NS component of El Centro 1940 earthquake, are presented.
The peak absolute accelerations under other ground motions are also shown.

Fig. 1 Setup of the
experiment

Tower no.1

Dynamic
Actu rota

Tower no.3Tower no.2

Fig. 2 Configuration (1)—
rigid tower in the middle
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The experimental results are shown in Figs. 4 and 5 for the case of zero gap
distance, in Figs. 6 and 7 for the case of 40 mm gap distance and in Figs. 8 and 9 for
the case of a gap distance large enough to prevent pounding between the model
structures. In particular, Figs. 4 and 5 show the experimental acceleration time
histories of the three towers for Configuration (1) and Configuration (2), respec-
tively. The general shape of acceleration time history for each configuration is more
or less similar except for the region around 5th sec. This suggests that the three
towers acted more or less as one structure. Calculating the natural frequencies of the

Tower no.1
Tower no.2

Tower no.3

Dynamic
Actuator

Fig. 3 Configuration (2)—
flexible tower in the middle

Table 1 Ground motion excitations used in the experiments

Excitation Amplification (%) Original PGA
(m/s2)

1940 El Centro, NS 100 3.070

1995 Kobe, NS (JMA station) 25 8.057

1989 Loma Prieta (Corralitos station, NS component) 50 6.315

1994 Northridge, EW (Santa Monica station) 75 8.660

1971 San Fernando, N74E (Pacoima Dam station) 25 11.375

2002 Polkowicea, Poland, NS 100 1.634
a Mining ground motion

Table 2 Natural properties
of different towers extracted
from the free vibration tests

Configuration (1) Configuration (2)

Tower no. 1 2 3 1 2 3

Frequency
(Hz)

2.40 3.38 2.26 3.19 2.45 3.12

Damping
ratio (%)

0.34 0.25 0.38 0.37 0.34 0.28
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towers, assuming that they are connected, results in frequencies of 2.60 and 2.86 Hz
for Configurations (1) and (2), respectively. Counting a number of cycles per
second gives frequencies of nearly 2.50 and 2.90 Hz, for Configuration (1) and (2),
respectively. This close matching indicates that, for the case of zero gap distance,
the towers mostly behave as they are one unit with combined stiffness and mass.
However, the existence of some pounding is due to the fact that, the towers are not
fully connected and so little separation may occur at the time of peak seismic
excitation.

For Configuration (1), comparing the maximum absolute acceleration values
shown in Fig. 4 with the corresponding values obtained for the case of independent
vibrations (see Fig. 8) indicates that pounding increases the maximum absolute
acceleration of the towers by factors reaching 135 %. On the other hand for Con-
figuration (2), comparing the maximum absolute acceleration values shown in Fig. 5
with the corresponding values obtained for the case of independent vibrations (see
Fig. 9) indicates that minor change in the accelerations due to pounding (between 5
and 15 %) has been obtained. This behaviour can be explained. For Configuration
(1), at the instant of separation between the towers, existence of the flexible towers
on the left and right sides gave them the chance to vibrate more freely in the out-
word direction gaining in displacement and velocity. In their way back they collided
with the rigid tower in the middle which acted as a stopper for them. While, for
Configuration (2), at the instant of separation, existence of the rigid towers on the left
and right sides caused them to vibrate in the out-word direction with small dis-
placements, and hence, small velocities. Existence of the flexible tower in the middle
didn’t give it a chance to gain more displacement or velocity since the rigid towers in
the left and the right sides acted as stoppers and confined the middle tower.

For gap distance of 40 mm, comparing the maximum absolute acceleration values
shown in Figs. 6 and 7 for Configuration (1) and Configuration (2), respectively, with
the corresponding values obtained for the case of independent vibrations (see Figs. 8
and 9) indicate that, for both configurations, pounding may considerably affect the
response of the structures during earthquakes. For Configuration (1), pounding
caused a very high increase in the impact acceleration of the rigid tower, reaching
794%, as compared to the no pounding case. It also caused a moderate increase in the
impact acceleration of the flexible towers, reaching 397 and 265 % for the left and
right tower, respectively. On the other hand for Configuration (2), pounding caused a
moderate to minor increase in the impact acceleration of the rigid towers, reaching
300 and 202 % for the left and right tower, respectively. It also caused a moderate
increase in the impact acceleration of the middle flexible tower, reaching 254 %. This
behaviour can be explained in the same way as previously mentioned for the case of
zero gap distance at instant of separation between towers.

Figures 10 and 11 show the experimental results of the maximum absolute
acceleration versus the gap distance for different ground motions (see Table 1) for
the three towers for both configurations. As mentioned earlier, symbols A1, A2 and
A3 denote the accelerometers mounted on the left, middle and the right tower,
respectively. It can be observed from the figures that the flexible and the rigid
towers are substantially influenced by pounding phenomena. It can be observed that
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Fig. 10 Experimental results of the maximum absolute acceleration versus the gap distance.
[Configuration (1)]

Fig. 11 Experimental results of the maximum absolute acceleration versus the gap distance.
[Configuration (2)]
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for gap distances not large enough to prevent pounding, the acceleration of the rigid
towers increased 2–23 times, as compared to the no pounding case. On the other
hand, the acceleration of the flexible towers increased 2–12 times, as compared to
the no pounding case.

It is obvious, as a general trend, that the rigid towers are more influenced by
pounding for the two configurations than the flexible ones because they act as
stoppers for the flexible structures. These results are in agreement with the
numerical results of Anagnostopoulos and Spiliopoulos [3]. The current experi-
mental results indicate that increasing or decreasing the gap distance may lead to the
increase or decrease in the response under different earthquakes with no specific
trend. It is also clear from Figs. 10 and 11 that the optimal gap size is either the
distance large enough to prevent pounding or the zero gap distance. These results
are consistent with other findings of the numerical simulations previously con-
ducted (see [16], for example).

3 Finite Element Analysis

In the second stage of the study, a numerical analysis, using ADINA [17] software,
was conducted. A dynamic contact analysis of two-dimensional (2D) finite element
models of the frames with the direct integration method under 1940 El Centro
earthquake (NS component) was performed. The large displacement formulation
was used, so the P-Δ effect is included in the analysis. The contact surface model was
applied in the analysis without any connecting elements between the adjacent
structures. In such a numerical model, both target and contactor surfaces were only
defined. The contact surface calculation [18] enables the transmission of the pressure
and friction forces at the points of contact with no force at the separation phase
between the two adjacent segments. Figure 12 shows the 2D finite element model of
the three towers for Configuration (1). Examples of the results in the form of

Fig. 12 Finite element model
of the three towers for
Configuration (1)
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acceleration time histories obtained from the finite element analysis for the left, the
middle and the right towers for the case of 40 mm gap distance are shown in Fig. 13.
The results of the finite element analysis are compared with the experimental results
shown in Fig. 6. It can be seen that the finite element analysis gives quite good
prediction of the experimental results in terms of both time and magnitude of the
impact. The correlation coefficient has been calculated as equal to 10.5 %. It is
observed that impact between the external towers and the middle one occurred
during the first 5 s of the earthquake, what is consistent with the experimental results.

4 Conclusions

In this paper, the results of an experimental and numerical study for pounding
phenomena between structures in series have been presented. The study was per-
formed using three tower models with different frequencies and different gap dis-
tances, under six different ground motion excitations. Two configurations of the
towers were tested. The first configuration included a rigid tower located in the
middle between two flexible structures, while the second case concerned a flexible
tower located in the middle between two rigid structures.

The results of the experimental study clearly indicate that pounding may affect
the behaviour of the structures significantly. They also show that the rigid towers
are more influenced by pounding than the flexible ones because they act as stoppers
for the flexible structures. Moreover, increasing or decreasing the gap distance may
lead to increase or decrease in the response under different earthquakes with no
specific trend. Furthermore, the results confirm that the optimal gap size is either the
distance large enough to prevent pounding or the zero gap distance.

The results of the finite element analysis show relatively good agreement with
the experimental results in terms of both time and magnitude of the impact.

Further research is needed to study pounding between structures with different
dynamic properties which are constructed one close to another. This concern in
particular the case of more than three structures in series, which was not considered
in the study described in this paper.
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Dynamic Response of Adjacent Structures
Coupled by Nonlinear Viscous Damper

C.C. Patel

Abstract The response of two adjacent single degree-of-freedom (SDOF) structures
connected by nonlinear viscous damper under base excitation, modeled as stationary
white-noise random process is investigated. Considering nonlinear force-deforma-
tion phenomenon of nonlinear viscous damper, the dynamic response of connected
structures is obtained using the equivalent linearization technique. A parametric study
is carried out to examine the influence of system parameters such as mass ratio and
frequency ratio on optimum damping of damper and corresponding response. It is
found that frequency ratio affects the performance of damper and corresponding
response significantly, whereas, the effect of mass ratio is marginal.

Keywords Adjacent structures � Dynamic response � Viscous damper � Passive
control � Seismic effect

1 Introduction

Various energy dissipation devices and control systems have been developed to
protect the structures against natural disturbances. Significant efforts have been
given for design of engineering structures with different control strategies to
increase their safety and reliability. The control mechanism termed as protective
system for the new structures and the existing structures can be retrofitted effec-
tively for future seismic activity, as control mechanism can modify dynamically the
response of structure in a desirable manner. The mechanics and working principle
of various passive energy dissipation devices like viscous dampers, friction
dampers, metallic yielding dampers, tuned mass dampers, tuned liquid dampers
(dynamic absorbers) etc. can be found in reference Soong and Dargush [18]. Past
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studies confirm that the passive control devices are found to be effective for seismic
response control of structures Housner et al. [5], Kasai et al. [7–9] and many others.

Amongst the various structural control techniques, connecting adjacent struc-
tures by passive energy dissipation device when possible, is one of the developing
control mechanism to reduce the excessive structural vibration due to natural dis-
turbances and it also minimize the chances of pounding. The concept to couple
adjacent structure is to allow exerting control forces upon one another to reduce the
overall response of the system. The free space available between adjacent structures
can be effectively utilized for installation of control devices. The concept of cou-
pling adjacent tall buildings was proposed by Klein et al. [10] in United States.
Kunieda [11] proposed coupling multiple structures in Japan. The concept of liking
adjacent structures has been introduced and verified analytically and experimentally
by number of researchers, Westermo [19] have introduced the concept of linking
adjacent fixed-base buildings and verified analytically and experimentally to avoid
pounding damages during earthquakes; Maison and Kasai [13] have presented a
analysis for types of structural pounding; Luco and De Barros [12] have studied
connecting low to medium rise structures with passive devices; Zhu and Iemura
[20] proposed a new structure-vibration-control approach using passive coupling
element between two parallel structures to reduce the seismic response of a system
due to earthquake excitation; Ni et al. [14] developed a method for analyzing the
random seismic response of a structural system consisting of two adjacent buildings
interconnected by non-linear hysteretic damping devices. Iemura et al. [6] have
studied passive, active and semi-active control of two low-rise structures and have
conducted full-scale tests on three and five storey building connected at third floor,
to verify the concept at the Disaster Prevention Research Institute (DPRI) in Kyoto,
Japan. The coupling parallel structures also studied by Bhaskararao and Jangid [1]
presented the dynamic behavior of two adjacent SDOF structures connected with a
friction damper under harmonic ground acceleration. Bhaskararao and Jangid [2]
presented the optimum linear viscous damping for adjacent coupled structures
under harmonic as well as stationary white-noise random excitation; Patel and
Jangid [16] presented the seismic response analysis of adjacent structures connected
by viscous damper considering Maxwell model; Patel and Jangid [17] studied the
dynamic response of adjacent structures connected by friction damper subjected
presented stationary white-noise random excitations, and many others.

The present study is aimed to investigate the dynamic response of two adjacent
SDOF structures connected by nonlinear viscous damper under base excitation
modeled as stationary white-noise excitation. The objectives of the present study
are (i) to derive the dynamic response of adjacent SDOF structures connected by
nonlinear viscous damper, (ii) to ascertain the optimum value of damper damping,
(iii) to derive the close-form expression for the optimum damping and (iv) to
examine the effect of important parameters such as frequency ratio and mass ratio
on the optimum damper damping.
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2 Adjacent Structures Connected by Nonlinear
Viscous Damper

Consider two adjacent SDOF structures connected by a nonlinear viscous damper
as shown in Fig. 1. The two structures are assumed to be remains linearly elastic
and effect due to soil-structure interaction is neglected. Both structures are assumed
to be subjected to the same ground acceleration. The adjacent structures are ide-
alized as two SDOF coupled system and referred as Structures 1 and 2, respectively.

Let m1; c1; k1 and m2; c2; k2 be the mass, damping coefficient and stiffness of
the Structure 1 and 2, respectively. Let x1 ¼

ffiffiffiffiffiffiffiffiffiffiffiffi
k1=m1

p
and x2 ¼

ffiffiffiffiffiffiffiffiffiffiffiffi
k2=m2

p
be the

natural frequencies and n1 ¼ c1=2m1x1 and n2 ¼ c2=2m2x2 be the damping ratios
of Structures 1 and 2, respectively. The inertia force generated due to ground
motion is related with mass of the structure, and the damper force depends on the
relative velocity of the damper ends, which is also related with fundamental natural
frequency of the connected structures. Let g and k be the mass and frequency ratio
of two structures, respectively, expressed as

g =
m1

m2
ð1Þ

Fig. 1 Structural model of
two SDOF adjacent coupled
structures. a Adjacent
structures connected by non-
linear viscous damper.
b Mathematical model
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k =
x2

x1
ð2Þ

The force in the viscous damper Fd is assumed to be proportional to the relative
velocity of the damper ends, is given by

Fd ¼ cd _yrj jasgnð _yrÞ ð3Þ

The damper force-velocity and damper force-displacement relationship for
various value of a is shown in Fig. 2. From the figure, a ¼ 1 represent the linear
damper (linear viscous damper) and the force-displacement plot is an ellipse shape,
while a ¼ 0 represent the constitutive law of pure friction device is restored and the
force-displacement plot is rectangle shape. For a, any value between 0 and 1 the
damper force is given by Eq. (3). For seismic application the value of a ranging
between 0 and 1. Damper with a larger than unity have not been seen often in
seismic practical application Soong and Dargush [18]. The damping coefficient of
damper cd , which is expressed in the normalized form as

nd ¼
cd

2m1x1
ð4Þ

where _yr ¼ _y1 � _y2 is relative velocity of the damper ends, nd is the normalized
damping coefficient of damper and sgn denotes the signum function. The governing
equation of motion for the damper connected system can be written as

m1€y1ðtÞ þ c1 _y1ðtÞ þ k1y1ðtÞ þ cd _yrj jasgnð _yrÞ ¼ �m1€ygðtÞ ð5Þ

m2€y2ðtÞ þ c2 _y2ðtÞ þ k2y2ðtÞ � cd _yrj jasgnð _yrÞ ¼ �m2€ygðtÞ ð6Þ

where y1ðtÞ and y2ðtÞ are the displacement response, relative to the ground, of
Structures 1 and 2, respectively; and €yg tð Þ is the ground acceleration. Considering
nonlinear force-velocity relationship of the damper device, although the couple
structure behaves linearly, the whole damper connected adjacent structural system

Fig. 2 Damper force-velocity and force-displacement relation for nonlinear viscous damper for
various value of a
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has nonlinear properties. Thus, the equations of motion of nonlinear viscous damper
connected system is nonlinear and the corresponding equivalent linearized equa-
tions are given by

m1€y1ðtÞ þ c1 _y1ðtÞ þ k1y1ðtÞ þ ce _yrðtÞ ¼ �m€ygðtÞ ð7Þ

m2€y1ðtÞ þ c2 _y2ðtÞ þ k2y2ðtÞ � ce _yrðtÞ ¼ �m2€ygðtÞ ð8Þ

where ce is equivalent constant. The equivalent constant ce is expressed in the
normalized form as

ne ¼
ce

2m1x1
ð9Þ

where ne is the equivalent normalized constant. The parameter ce is chosen in such
a way that the mean square error made in linear and nonlinear term of Eqs. (5) and
(7) is minimum with respect to ne, that is

E cd _yrj jasgnð _yrÞ � ce _yrð Þ2
h i

¼ min
ne

ð10aÞ

further can be simplified as

E 2ndx1m1 _yrj jasgnð _yrÞ � 2nex1m1 _yrð Þ2
h i

¼ min
ne

ð10bÞ

where E �½ � means ensemble average. By performing the minimum we obtain

ne ¼ nd
E _yrj jaþ1
h i

E _yrð Þ2
h i ð11Þ

The nonlinear system represented by Eqs. (5) and (6) has been replaced by the
linear one, then the responses of Eqs. (7) and (8) is Gaussian [3]; it follows

E _yj jb
h i

¼ 2

r _y

ffiffiffiffiffiffi
2p

p
Z1

0

exp � _y2

2r2_y

 !
_ybd _y ¼

2
bþ1
2ð ÞC bþ1

2

� �
ffiffiffiffiffiffi
2p

p rb_y ;

ðb ¼ aþ 1; b ¼ 2Þ
ð12Þ

where C �ð Þ is Gamma function and r_y ¼
ffiffiffiffiffiffiffiffiffiffi
E _y2½ �p

is standard deviation of the rel-
ative velocity of damper ends. The dependence of equivalent normalized damping
coefficient of damper ne on the velocity response of the system r _yr represent the
existence of nonlinear phenomenon of the damper connecting two adjacent
structures.
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From Eqs. (7) and (8) the absolute acceleration responses of the Structure 1 and
2 respectively are expressed as

€ya1 ¼ €y1ðtÞ þ €ygðtÞ
¼ �ðc1=m1Þ _y1ðtÞ � ðce=m1Þð _y1ðtÞ � _y2ðtÞÞ � ðk1=m1Þy1ðtÞ

ð13Þ

€ya2 ¼ €y2ðtÞ þ €ygðtÞ
¼ �ðc2=m2Þ _y2ðtÞ þ ðce=m2Þð _y1ðtÞ � _y2ðtÞÞ � ðk2=m2Þy2ðtÞ

ð14Þ

The structural control criteria depend on the nature of dynamic loads and the
response quantities of interest. Flexible structures are displacement sensitive,
whereas stiff structures are acceleration sensitive, which generates higher inertia
force in structures. Minimizing the relative displacement and absolute acceleration
of the system are always been considered as the control objectives. In view of this,
the study aims for optimum parameters of damper for minimizing exclusively
displacement as well as acceleration responses.

3 Response to Stationary White-Noise Excitation

Let the coupled system with equal structural damping ratio, n1 ¼ n2 ¼ n be sub-
jected to the base acceleration €yg, modeled as Gaussian white-noise random process
with constant power spectral density S0. The mean square displacement, (r2y1 and

r2y2 ) of Structure 1 and 2 respectively are expressed as Nigam [15]

r2y1 ¼
Z1

�1
y1ðixÞj j2S0dx and r2y2 ¼

Z1

�1
y2ðixÞj j2S0dx ð15a; bÞ

The y1ðixÞ and y2ðixÞ are the frequency response function for displacement
responses y1ðtÞ and y2ðtÞ, respectively, obtained by solving Eqs. (7) and (8). The
mean square displacement responses are obtained by solving the integral of
Eq. (15a, b) and using the technique given by Cremer and Heckl [4]. The solution
of the integrals are given by the following close form expressions
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r2y1 ¼ 2pS0

ðD2 þ DeÞ2ðD1 þ D2 þ DeÞx2
1

þ ððDe þ D1 þ D2ÞðD2De1 þ D1ðDe2 þ D2ÞÞ
� 2ðDe2 þ D2Þx2

1Þx2
2

þ ðDe2 þ D2Þx4
1

þ ðDe2 þ D2Þx4
2

2x2
1ððDe1 þ D1ÞðDe2 þ D2Þx4

1

þ ðDe2 þ D2Þx2
1ððDe þ D1 þ D2ÞðD2ðDe1 þ D1Þ þ De2D1Þ
� 2ðDe1 þ D1Þx2

2Þ
þ ðDe1 þ D1Þx2

2ððDe þ D1 þ D2ÞðD2ðDe1 þ D1Þ þ De2D1Þ
þ ðDe2 þ D2Þx2

2ÞÞ

2
666666666666666666664

3
777777777777777777775

ð16Þ

r2y2 ¼ 2pS0

ðDe þ D1Þ2ðDe þ D1 þ D2Þx2
2

þ ððDe þ D1 þ D2ÞðD1De2 þ D2ðDe1 þ D1ÞÞ
� 2ðDe1 þ D1Þx2

2Þx2
1

þ ðDe1 þ D1Þx4
2

þ ðDe1 þ D1Þx4
1

2x2
2ððDe1 þ D1ÞðDe2 þ D2Þx4

1

þ ðDe2 þ D2Þx2
1ððDe þ D1 þ D2ÞðD2ðDe1 þ D1Þ þ De2D1Þ
� 2ðDe1 þ D1Þx2

2Þ
þ ðDe1 þ D1Þx2

2ððDe þ D1 þ D2ÞðD2ðDe1 þ D1Þ þ De2D1Þ
þ ðDe2 þ D2Þx2

2ÞÞ

2
666666666666666666664

3
777777777777777777775

ð17Þ

The mean square accelerations (r2a1 and r2a2 ) of Structure 1 and 2, respectively,
under stationary white-noise random excitation are given by Nigam [15]

r2a1 ¼
Z1

�1
€ya1ðixÞ
�� ��2S0dx and r2a2 ¼

Z1

�1
€ya2ðixÞ
�� ��2S0dx ð18a; bÞ

The €ya1ðixÞ and €ya2ðixÞ are the frequency response function for acceleration
responses, obtained by solving Eqs. (13) and (14). The mean square displacement
responses are obtained by solving the integral of Eq. (18a, b) and using the tech-
nique given in Cremer and Heckl [4]. The solution of the integrals are given by the
following expressions
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r2a1 ¼ 2pS0

ðDe2 þ D2Þx6
1

þ ðDe2 þ D2Þx4
1ðD2

1 þ D1D2 þ D2
2 þ 3De1D2

þ ðDe1 þ D1 þ 2D2ÞDe2 þ D2
e2 � 2x2

2Þ
þ ðDe1 þ D1Þx2

2ððDe1D2 þ D1ðDe2 þ D2ÞÞðD2
1 þ De1D2 þ D1ðDe2 þ D2ÞÞ

þ ðD1ðDe2 þ D2Þ þ De1ðDe þ D2ÞÞx2
2Þ

þ x2
1ððDe2 þ D2ÞðDe1D2 þ D1ðDe2 þ D2ÞÞðD2

1 þ De1D2 þ D1ðDe2 þ D2ÞÞ
þ ð�D2

1ðDe2 þ D2Þ þ D1ðD2
2 þ 2DeðDe2 þ D2ÞÞ

þDd1ðD2
2 þ Ddð2Dd2 þ 3D2ÞÞÞx2

2 þ ðDd2 þ D2Þx4
2Þ

2ððDe1 þ D1ÞðDe2 þ D2Þx4
1

þ ðDe2 þ D2Þx2
1ððDe þ D1 þ D2ÞðD2ðDe1 þ D1Þ þ De2D1Þ
� 2ðDe1 þ D1Þx2

2Þ
þ ðDe1 þ D1Þx2

2ððDe þ D1 þ D2ÞðD2ðDe1 þ D1Þ þ De2D1Þ
þ ðDe2 þ D2Þx2

2ÞÞ

2
66666666666666666666666666666666666664

3
77777777777777777777777777777777777775

ð19Þ

r2a2 ¼ 2pS0

x4
1ððDe2 þ D2ÞðD2

e2 þ ðDe2 þ D2ÞðDe1 þ D1ÞÞ þ ðDe1 þ D1Þx2
2Þ

þ ðDe1 þ D1Þx2
2ððD2ðDe1 þ D1 þ D2Þ þ De2D1ÞðDe1D2 þ D1ðDe2 þ D2ÞÞ

þ ðD2
1 þ D2

2 þ De1ðDe þ D2Þ þ D1ð2De þ De2 þ D2ÞÞx2
2 þ x4

2Þ
þ x2

1ððDe2 þ D2ÞðD2ðDe1 þ D1 þ D2Þ þ De2D1ÞðDe1D2 þ D1ðDe2 þ D2ÞÞ
þ ðD2ðDe1 þ D1ÞðDe1 þ D1 � D2Þ

þ ðD2
1 þ De1ð2De1 þ D2Þ þ D1ð3De1 þ 2D2ÞÞDe2

þð2De1 þ 3D1ÞD2
e2Þx2

2

� 2ðDe1 þ D1Þx4
2Þ

2ððDe1 þ D1ÞðDe2 þ D2Þx4
1

þ ðDe2 þ D2Þx2
1ððDe þ D1 þ D2ÞðD2ðDe1 þ D1Þ þ De2D1Þ
� 2ðDe1 þ D1Þx2

2Þ
þ ðDe1 þ D1Þx2

2ððDe þ D1 þ D2ÞðD2ðDe1 þ D1Þ þ De2D1Þ
þ ðDe2 þ D2Þx2

2ÞÞ

2
66666666666666666666666666666666666664

3
77777777777777777777777777777777777775

ð20Þ
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Figure 3, shows the variation of mean square displacement and acceleration
responses of the two structures against equivalent normalized damping constant ne,
considering mass ratio g ¼ 1, frequency ratio k ¼ 2 (i.e. x1 ¼ p rad/sec and
x2 ¼ 2p rad/sec), S0 = 0.05 and different damping ratios of the connected structures
(i.e. n = 0, 0.02 and 0.05). It is observed that an increase in ne, the mean square
displacement and mean square acceleration responses decreases up to certain value
and with further increase in ne the mean square responses increases. At the optimum
value of ne, the mean square response yield minimum value under stationary white-
noise random excitation. Thus, for a given coupled structural system, there exists an
optimum value of the normalized equivalent damping coefficient of damper for
which the displacement and absolute acceleration response of connected structure
attain the minimum value.

To investigate the effect of system parameters like frequency ratio k and mass
ratio g, it requires the a value, decide the type of damper (i.e. a ¼ 0 friction damper,
a ¼ 1 linear viscous damper etc.). Taking a ¼ 0:25, the variation of noptd and cor-
responding displacement response of both the structures against frequency ratio of
connected structure k for different mass ratios of structures is shown in Fig. 4. It is
observed that for higher value of frequency ratio of structure, the optimum damper
damping noptd value is also higher and corresponding response values are reduces.
The higher value of frequency ratio of structure, cause larger relative displacement/
velocity of damper ends, thus, more dissipation of energy and subsequent response
reduction justifies the better performance of the damper for higher frequency ratio.
Thus, higher frequency ratio increases the relative displacement and/or velocity
between the connected floors, leads damper to be more effective for energy dissi-
pation, results more reduction in mean square displacement responses. It can be
concluded that dynamically well-separated structures require higher optimum

Fig. 3 Variation of mean square responses against equivalent normalized constant ne of the
nonlinear damper (g = 1, k = 2 and S0 = 0.05)
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damping coefficient of damper and result in higher reductions in the responses.
Further, the increase in mass ratio reduces the optimum damping of damper.
However, the response of soft structure increases, where as that of stiff structure
decrease with increase in mass ratio.

Considering a ¼ 0:25, the variation of noptd and corresponding acceleration
response of both the structures against frequency ratio k of the connected structure,
for different mass ratios of structures is shown in Fig. 5. It is observed that with
increase of frequency ratio, noptd increases as observed in Fig. 4 and corresponding

Fig. 4 Variation of optimum damper damping and corresponding mean square displacement
response against nd

Fig. 5 Variation of optimum damper damping and corresponding mean square acceleration
response against nd (g = 1, k = 2 and S0 = 0.05)
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mean square acceleration response decreases. Thus, it can be concluded that non-
linear viscous damper become more effective for acceleration response reduction
for dynamically well separated structures. Further it is seen that the increase in mass
ratio reduces the optimum damping of damper for acceleration response. However,
the acceleration response of soft structure increases, where as that of stiff structure
decrease with increase in mass ratio.

From Eqs. (11) and (12), the relation between nd and ne is dependence of the
velocity response of the system r _yr . The mean square relative velocity at damper
ends, r2_yr for an undamped connected system subjected to stationary white noise
random excitation will be Nigam [15].

r2_yr ¼
Z1

�1
x2 yrðixÞj j2S0 dx: ð21Þ

where yrðixÞ ¼ ðy1ðixÞ � y2ðixÞÞ is the harmonic transfer function for relative
displacement of damper ends, can be calculated by Eqs. (16) and (17). Solving the
integral of Eq. (21), using the technique given in Cremer and Heckl [4], results

r2_yr ¼
pS0
De

ð1þ gÞ2
g

ð22Þ

From Eqs. (11), (12) and (22), the normalized equivalent constant and nor-
malized damping coefficient of nonlinear viscous damper can be expressed as

nd ¼
n

1þa
2ð Þ

e p 1�a
2ð Þ S0ð1þgÞ

x1g

� � 1�a
2ð Þ

2C 1þ a
2

� � ð23Þ

4 Conclusions

The dynamic response of two adjacent SDOF structures connected by nonlinear
viscous damper is investigated. The method of equivalent linearization is used to
obtain the dynamic response of the coupled system under stationary white-noise
random excitation. It is observed the existence of optimum damping coefficient of
damper for minimum value of mean square responses. The effect of system
parameter such as frequency ratio and mass ratio on optimum damping coefficient
and corresponding response is investigated. The results show the frequency ratio
affects the performance of damper and corresponding response significantly,
whereas, the effect of mass ratio is marginal.
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Comparative Study of Seismically Excited
Coupled Buildings with VF Damper
and LR Bearing

S.M. Dumne, S.D. Bharti and M.K. Shrimali

Abstract Coupling of adjacent dissimilar buildings connected by semiactive
dampers involving base isolation is one of the more viable techniques against
seismic hazards mitigation through which counter-acting forces exert one upon
another in addition to isolation effect. The proposed study two buildings of dis-
similar in dynamic characteristics from these, two coupled building models are
considered that is, first model (Model-1) consisting of taller building (Building-1)
and shorter building (Building-2) are connected in-line variable friction dampers
whereas second model (Model-2) is same as first except taller building is isolated
by laminated rubber bearing at base. The seismic response analysis of these two
models is compared with normal buildings of same characteristics. The seismic
response analysis is carried out by exciting under unidirectional excitation due to
Kobe 1995 earthquake. The governing equation of motion of these models and
normal buildings are solved by state space method. The dynamic behavior of
laminated rubber bearing is studied by Wen’s model whereas predictive control law
used as control algorithm to predict the dynamic behaviour of variable friction
damper. The seismic responses of these buildings are simulated through coding
using MATLAB® computing software. The proposed study conclude that seismic
performance of coupled building Model-2 work very significantly in reducing
seismic response than Model-1 but Model-1 works effectively in avoiding pounding
effects by adjacent buildings. Further, there is significant reduction in responses of
Building-1 whereas marginal reduction is observed in Building-2.
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1 Introduction

The world is living with significant risk to their lives and properties against natural
hazards hence, it is necessary to study the performance analysis of seismically
excited buildings. In the recent past, many researchers have studied the various
strategies for coupled building control using passive, active and semi-active sys-
tems or its combinations. Further, research community is focused on adjacent
buildings connected by dampers in addition to base isolation systems. The best
combination includes semiactive dampers and base isolators because dampers work
dissipation of energy which is more prominent to reduce the superstructure accel-
eration whereas base isolation systems reduce the ground motion to be entered in
structure. Moreover, in case of a power failure, passive component of control still
offers some degree of protection [1]. The comparative performance of various
isolation systems under uniform shear beam in terms of superstructure acceleration
and bearing displacement is studied by Su et al. [2]. It is observed that super-
structure acceleration is controlled at the expense of bearing displacement and vice
versa. The dissipation of seismic energy using friction mechanism for the protection
of civil structures has achieved successful gains in recent decades. The friction
device has emerged as one of the most promising because this damper remains in
continuous slip state by controlling its clamping force in real time during an
earthquake and exhibits efficient energy dissipation [3]. Further, friction damper is a
displacement-dependent energy dissipation device because its force is independent
from velocity and frequency content of excitation input. A semiactive controller is
proposed [4] to determine the controllable clamping force of a VF damper, called
predictive control law to predict the force from the variable friction damper. Fur-
ther, controller allows the damper to produce a continuous slip force thus avoiding
high frequency response that usually exists in structures with conventional friction
dampers. The evaluation of seismic analysis is performed to compute the responses
and bearing displacement during impact upon adjacent structures [5]. It is observed
that increase in building flexibility causes to increase in superstructure acceleration
and decreases in bearing displacement marginally. It is also noted that effects of
impact became more severe due to increase in, superstructure flexibility, number of
storey and stiffness of adjacent structures. An extensive parametric study on adja-
cent buildings connected by fluid dampers has been studied by Xu et al. [6]. It has
been outlined that joint dampers are more effective for shorter adjacent buildings
than taller building but it becomes more effective for adjacent buildings of same
height than those of different heights. Further, it was also observed that adjacent
buildings of different fundamental frequencies can effectively reduce the earth-
quake-induced response. The dynamic characteristics and seismic responses of
connected building models, namely both buildings isolated and only shorter
building is isolated, are connected by discrete linear viscoelastic dampers has been
investigated by Matsagar and Jangid [7]. The result implies that this scheme is
useful not only in controlling structural response but also reducing large bearing
displacement. Moreover, seismic performance is found to be more effective when
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one building have isolated base and other fixed base and such scheme is useful in
upgrading the seismic performance of existing building adjacent to newly con-
structed building. The seismic response of connected buildings having different
dynamic characteristics in addition, parametric study has been explored by Bhas-
kararao and Jangid [8]. The study illustrates that passive friction dampers are quite
effective in reducing the seismic responses. Also, stated that it is not necessary to
connect all floors of adjacent buildings by dampers but lesser dampers at appro-
priate locations can significantly reduce the earthquake response. The effective
study of proposed semiactive controls in addition to parametric study of damper and
isolation parameters [9] is performed for connected isolated buildings. It is
observed that semiactive hybrid control becomes quite effective in reducing seismic
responses, further performance of these controls are influenced by the parameters of
dampers and isolators.

In the present study, two adjacent dissimilar buildings of which one is taller
(Building 1) and other shorter (Building 2) having same storey height, floor mass
and stiffness. For studying the performance analysis of adjacent buildings with
proposed controls, two models that is, two adjacent buildings connected by in-line
VF dampers at each floor, described as Model-1 whereas second Model-2 in which
Building 1 of Model-1 being isolated by laminated rubber bearing. The specific
objectives of study are (1) seismic response analysis of normal buildings and
coupled building models (2) comparative study on seismic performance of coupled
building models with respect to normal buildings (3) investigation of most effective
model in reducing the seismic responses and pounding effect of proposed coupled
building models.

2 Structural Models of Coupled Buildings

The coupled building models considered in this study are shown in Fig. 1. Each
model consisting of two adjacent buildings in which one is taller and another
shorter are designated as Building 1 and 2 having dissimilar in characteristics. The
adjoining floors of adjacent buildings are connected by inline VF dampers and taller
building is isolated by laminated rubber bearing. The models of coupled buildings
are idealized as linear shear type building with lateral degrees-of-freedom at their
floor levels. The floors of both buildings are at the same level with different storey.
For general case, considering the story of Building 1 and 2 equals to m and
n respectively. The coupled Building Model 1 will have (m + n) degrees-of-freedom
whereas for coupled building Model 2 consisting of isolation system at base of
Building 1 therefore, this model will have (m + n + 1) degrees-of-freedom.

The governing equations of motion for the adjacent connected building model
involving base isolation is expressed in matrix form as
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M½ � u
::� �þ C½ � _uf g þ K½ � uf g ¼ Dp

� �
fdf g þ Bp

� �
fbf g � M½ � rf g €ug ð1Þ

where, [M], [C] and [K] are the matrices of mass, damping and stiffness for model
of Coupled Building 2 respectively, {u} = {ub, u1, u2, u3 um + n + 1}, _uf g and {ü}
are the vectors of floor displacement, velocity and acceleration respectively with
respect to the ground in which response of Building 1 lies in the first (m + 1)
positions and that of Building 2 in last (n) positions, ub is the bearing displacement,
{r} is the vector of influence coefficient consisting all elements equal to one, üg is
the ground acceleration due to earthquake, [Dp] and [Bp] are the matrices for the
position of damper and isolator respectively, {fd} is the damper force vector, and
{fb} is the bearing force vector yielded.

In above equation, [M], [C] and [K] are the matrices for mass, stiffness and
damping of isolated coupled building respectively of size equal to (m + n + 1) and
are explicitly described as

M½ � ¼ M1½ � O1½ �
O2½ � M2½ �

� �
; K½ � ¼ K1½ � O1½ �

O2½ � K2½ �
� �

and C½ � ¼ C1½ � O1½ �
O2½ � C2½ �

� �

where, [O1](m+1, m+1) and [O2](n, n) are the null matrices of the Building 1 and 2
respectively. The matrices, [M1](m+1, m+1) and [M2](n, n) of Building 1 and 2
respectively are the mass matrices which has diagonal form and each element of
matrix is sum of, half the mass of adjacent storey contributing to a particular node.
The classical stiffness and damping matrix may not be suitable since superstructure
and substructure have significant difference in stiffness and damping so non-
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Fig. 1 Structural coupled building models
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classical type of matrices are to be constructed. Under which, it is constructed by
first evaluating the classical stiffness and damping matrix for building without
isolation. Then stiffness and damping matrix for coupled building with isolation is
superimposed by assembling matrix due to superstructure and substructure.

The equations of motion (Eq. 1) may be represented in the form of state-space
equation as

_z tð Þf g ¼ A½ � z tð Þf g þ Bd½ � fd tð Þf g þ Bb½ � fb tð Þf g þ E½ � ug:: tð Þ ð2Þ

where, z is the state variable, A is the system matrix composed of structural mass,
stiffness and damping, Bd and Bb are the distribution matrices of damper and
bearing force respectively and E is the matrix of excitation. The remaining
parameters are explicitly given as

_z ¼ _u
u
::

� �
; z ¼ u

_u

� �
; A ¼ O I

�M�1K �M�1C

� �
; Bd ¼ O

M�1Dp

� �
;

Bb ¼ O
M�1Bp

� �
and E ¼ O

�r

� �

where, [I] and [O] are the identity and null matrices respectively; vector ż(t) rep-
resents the state variable of structural system which contains relative velocity and
acceleration response of building with respect to ground. Further, the Eq. (2) is
further discretized in time domain as

z t þ Dtð Þ ¼ Adz tð Þ þ Bddfd tð Þ þ Bdbfb tð Þ þ Ed ug
::

tð Þ ð3Þ

where, tð Þ and t þ Dtð Þ denotes the time step at which a state variable is evaluated,
Ad represents the discrete-time system matrix, Bdd, Bdb and Ed are the constant
co-efficient matrices which are the discrete-time counterpart of matrices. The
expression of Bd, Bb and E from the equation (Eq. 2) respectively is

Ad = eADt;Bdd = A�1 Ad�Ið ÞBd;Bdb¼A�1 Ad�Ið ÞBb; and Ed¼A�1 Ad�Ið ÞE ð4Þ

where, I is the identity square matrix of order 2(N + 1) × 2(N + 1) in which N is the
degrees-of-freedom of non-isolated building.

3 Computation of VF Damper Force

The cross section and schematic diagram of VF damper is shown in Fig. 2.
A friction damper is activated and starts to dissipate energy only if friction force
exerted at interface exceeds the maximum friction force otherwise; simply act as a
regular bracing [3]. In order to know the dynamic behaviour of VF damper, an
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appropriate control algorithm called predictive control law [4] is used. This control
law can produce a continuous slip force and also control this slip force slightly
lower than the critical force of friction which allows the damper to remain in slip
state during an earthquake as a result energy dissipation capacity of damper get
improved.

The adjustable clamping force (Nr) using predictive control law is given by

Nr tð Þ ¼ Rf
fcrðtÞj j
l

or Rf ¼ lNr tð Þ
fcrðtÞj j in which 0�Rf\1 ð5Þ

where, Rf is a selectable parameter, called gain multiplier is the ratio of damper
force (slip force) to the critical friction force (fcr) which play an important role in
enhancing the performance of control law. It is also observed that larger value of Rf

lead to higher control force but does not necessary to perform better energy dis-
sipation, fcr is the critical damper force, that is, minimum force of friction to keep
the damper in slip state and dissipate the maximum energy. The friction force (fcr)
that keeps the variable friction damper in slip state is given by

fcr tð Þ ¼ G1zðt � 1Þ þ G2fdðt � 1Þ þ G3 ug
:: ðt � 1Þ� � ð6Þ

where, G1, G2 and G3 are the control gain parameters and are described as G1 = kb
De (Ad − I), G2 = kb De Bd + Ie and G3 = kb De Ed, in which, Ie is the another identity
matrix with dimension (N × N), [kb] is the bracing stiffness matrix in which diagonal
elements equal to nb × kbr × De in which nb is the number of bracings provided to
each storey, kbr be the stiffness of bracings provided and equal to storey stiffness, De

is a constant matrix composed of damper orientation with size (N + 1) × 2(N + 1)
which is described by a relation between damper displacement and inter-storey drift
of floor on which damper installed as ud tð Þ ¼ De z tð Þ in which z(t) is the state
variable vector over a time step (t), ud is the damper displacement between floors of
adjacent buildings and _udf g is the damper velocity which is obtained by following
expressions

Inner wedge
Outer cylinder

Friction pad

Controllable cup springOuter wedge

ud

Fd

Nr

Nr

kb

Fig. 2 Cross section and schematic diagram of VF damper
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udðm�nþiÞ ¼ u m�n�ið Þ � u mþn�ið Þ
� �

and _udðm�nþiÞ ¼ _u m�nþið Þ � _u mþn�ið Þ
� � ð7Þ

where, m and n are the degrees-of-freedom for superstructure of Building 1 and 2
respectively, i is the counter ranging, (i = 1, 2, 3, …n) and subscript in bracket
indicate the damper position at the level of connectivity. The slip force or control
force yielded from the VF damper is given by following expressions

fd tð Þ ¼ Rf G1zðt � 1Þ þ G2fdðt � 1Þ þ G3 ug
:: ðt � 1Þ� � ð8Þ

4 Computation of Laminated Rubber Bearing Force

The laminated rubber bearing (LRB) consisting of alternate layers of natural or
synthetic rubber vulcanized between steel shims along with two thick end plates as
shown in Fig. 3. The steel plates are strong enough to sustain vertical load while
rubber layers imparts horizontal flexibility. Horizontal flexibility of system limits
the transmission of ground motions in buildings whereas isolation damping dissi-
pates seismic energy thereby reduces base displacement [2]. The force deformation
behaviour of laminated rubber bearing is assumed as linear and its dominant feature
is the parallel action of linear spring and damping as shown in Fig. 3.

The bearing force generated by this system is

fb = cb _ub + kbub ð9Þ

where, _ub and ub is the velocity and displacement of base isolation floor
respectively.

The parameter of elastomeric base isolation system, namely stiffness (kb) and
damping (cb) are so selected to provide desired value of isolation period (Tb) and
damping ratio (ξb), respectively using following expressions.

bk

bc

bu
bm

bu

Fig. 3 Cross section and schematic diagram of laminated rubber bearing
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Tb ¼ 2p

ffiffiffiffiffiffiffiffiffi
Mt

abkb

r
and nb ¼

cb
2Mtxb

where, Mt is the total mass of building including isolation floor respectively, ωb is
the natural frequency of bearing, αb is the ratio of post to pre-yielding stiffness of
bearing and its value for LRB system equal to one.

5 Solution Procedure

To compute the response of coupled building models, governing equations of
motion (Eq. 1) represented in state space form Eq. (2). Further, the state space
equation (Eq. 2) is discretized in time domain in order to compute the state variable
(z) from equation (Eq. 3) in which an appropriate value of gain multiplier parameter
(Rf) is assumed. The damper force (fd) and bearing force is obtained from the
Eqs. (8) and (9) respectively. The equation of damper and bearing force are solved
using 4th order Runge-Kutta method with the help of MATLAB® simulation.

6 Numerical Study

This study considered two adjacent RC buildings of ten and eight storey of equal
floor height connected by VF dampers in which base of taller building is isolated by
elastomeric bearing without lead. The mass and stiffness of each storey is con-
sidered as 1,600 tons and 1.2 × 107 kN/m, respectively. Besides, mass of isolation
floor is taken as 10 % in excess of superstructure floor mass, that is, equal to
1,760 tons. The mass and stiffness of each storey are considered in order to obtain
fundamental time period of Building 1 and 2 as 0.48 and 0.39 s, respectively. The
building models are subjected to unidirectional ground motion due to Kobe, 1995
earthquake. The VF damper parameters are considered as Rf = 0.5, single bracing
with stiffness (kbr) equal to storey stiffness (ks) of building whereas isolation
parameters are, Tb = 2 s and ξb = 0.1. The response parameters of study are: top
floor displacement (uf) and acceleration (af), inter-storey drift (ur), bearing dis-
placement (ub), normalized storey shear (Ssy/W) and normalized base shear (Bsy/W).
The storey shears (Ssy), base shear (Bsy), bearing force (fb) and damper force (fd) are
normalized by weight of Building 2.

The comparison of peak responses of Building 1 and 2 using proposed controls
under Kobe 1995 earthquake is shown in Table 1 along with value in parenthesis
shows the percentage reduction in response with respect to normal buildings. It is
observed that top floor responses of Building 1 of building Model 1 are about
7–12 % whereas for building Model 2 it found as 70–90 %. The base shear of
Building 1 of Model 1 becomes slightly increases and of Model 2, it seems to
decreases by 70 %. Similarly, top floor responses of Building 2 of building Model 1
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Table 1 Comparison of peak top floor responses and base shear of coupled building models with
normal buildings under earthquake Kobe, 1995 (Rf = 0.5; Tb = 2 s, ξb = 0.1)

Peak
responses

Building 1 Building 2

Normal
building 1

Building
Model-1

Building
Model-2

Normal
Building
2

Building
Model-1

Building
Model-2

uf (cm) 16.645 14.737
(11.46)

1.162
(93.01)

11.498 11.208
(2.52)

9.201
(19.97)

af (g) 2.929 2.750
(6.11)

0.928
(68.31)

2.987 2.402
(19.58)

1.530
(48.79)

Ssy/W 0.292 0.275
(5.82)

0.092
(68.49)

0.373 0.300
(19.57)

0.191
(48.79)

ur (cm) 0.370 0.335
(9.46)

0.103
(72.16)

0.374 0.355
(5.08)

0.280
(25.13)

Bsy/W 2.100 2.191
(−4.33)

0.645
(69.28)

2.236 1.952
(12.70)

0.924
(58.67)

Note Value in parenthesis represents the percentage reduction in responses of coupled building
models with respect to normal Building 1 and 2
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Fig. 4 Time varying response of Building 1 under Kobe 1995 earth quake (Rf = 0.05; Tb = 2 s,
nb ¼ 0:1)
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are about 2–15 % whereas for building Model 2 it found as 20–40 %. However,
base shear of Building 2 of Model 1 and Model 2 seems to decreases by 10 and
50 % respectively.

The time varying response of top floor displacement, acceleration and base shear
for Building 1 and 2 of two coupled building models are compared with respective
normal buildings are shown in Figs. 4 and 8. It is observed that significant reduction
in response is obtained for Building 1 of Model-2 as compared to normal Building 1
(Fig. 5).

Further, it also seen that marginal reductions in responses are observed in
Building 2. Besides that more reduction is noted to upper floors in comparison to
lower floors of Building 1.

The hysteretic behaviour of top floor in-line semiactive VF damper which is
used for coupled building models 1 and 2 subjected to excitation due to Kobe
earthquake are shown in Figs. 6 and 7 respectively. From these energy loops of VF
damper, one can noted that VF damper is quite effective to dissipate the significant
amount of seismic energy input. Further, the force-deformation behaviour of LRB
system used at the base of taller building of coupled building Model 2 under Kobe
earthquake is depicted in Fig. 8. From this energy loop, it has been observed that
LRB isolation system is well capable to deflect the vibration energy to be entered in
superstructure.
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Fig. 5 Time varying response of Building 2 under Kobe, 1995 earthquake (Rf = 0.05)
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7 Conclusion

The comparison of seismic response analysis of two considered coupled building
models with respect to normal buildings has been studied using the code in
MATLAB® 7.0 as computing software. From the performance result, it has been
concluded that Building 1 of coupled building Model 2 which is isolated at its base
performs significant effective whereas Building 2 of same model perform marginal
reduction in seismic responses as compared to respective normal Building 1 and 2.
Similarly, coupled building Model-1 responded relatively lesser performance in
reducing responses as compared to coupled building Model-2 but perform well in
avoiding impact from adjacent buildings. Further, it is also noted that both damper
and isolator are functioning well in reducing seismic hazards.
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Pounding in Bridges with Passive Isolation
Systems Subjected to Earthquake Ground
Acceleration

Y. Girish Singh and Diptesh Das

Abstract In recent earthquakes, poundings between the super-structure segments
of the elevated bridges have resulted in significant structural damages. The aim of
this paper is to study the effect of pounding in bridges which are isolated by
elastomeric bearings. Lumped mass models have been developed for the adjacent
segments of the bridges and the responses were obtained by solving the governing
equation of motion in the state space form. In the present study, the pounding effect
has been simulated by applying the nonlinear viscoelastic model. Both near-field as
well as far-field earthquakes have been considered as input ground accelerations.
The effect of different parameters of elastomeric bearing on pounding has been
studied and the performances of bridges with and without isolation systems have
been compared.

Keywords Reinforced concrete bridge � Pounding � Seismic isolation � Laminated
rubber bearing � NZ bearing � Nonlinear

1 Introduction

Bridges are the main components of any transportation network and as a result of
failure of bridges, the entire transportation networks had collapsed during past
earthquakes. During recent strong earthquakes, namely, Kobe, Chi, San Fernando
earthquakes, pounding between the adjacent decks of bridges were observed. Data
records during these earthquakes showed spikes in the magnitudes of acceleration
responses which are many times higher than the maximum acceleration value
recorded. Investigations revealed that cause behind of these spikes was pounding
between the adjacent bridge decks. By using passive isolation system the base shear
for bridges is reduced compared to the non-isolated bridges.

Y. Girish Singh (&) � D. Das
Department of Civil Engineering, National Institute of Technology, Durgapur 713209, India

© Springer India 2015
V. Matsagar (ed.), Advances in Structural Engineering,
DOI 10.1007/978-81-322-2193-7_87

1117



There are many studies done on the earthquake induced pounding in bridges.
Malhotra [1] investigated about the pounding of bridge at expansion gap. Jankowski
et al. [2] used the same model to study pounding of superstructure segments in
bridges. The fundamental study on pounding between buildings in series using a
linear viscoelastic model of collisions has been conducted by Anagnostopoulos [3].
Jankowski et al. [4] considered also the use of dampers, crushable devices and shock
transmission units which provide stiff linking of structural members during earth-
quakes and do not impose undesired forces resulting from thermal elongation, creep
or shrinkage effects. Kim et al. [5] studied about the global behavior of the bridge
structures and stated that due to the presence of rigid abutments, poundings occurs.
Jankowski [6] proposed a non-linear viscoelastic model of collision which allows
more precise simulation of the structural pounding.

The aim of this study is to investigate the effect of seismic isolation in bridges on
pounding phenomenon. The bridge is isolated using elastomeric bearings and the
pounding effect has been modeled using nonlinear viscoelastic model. Parametric
studies are carried out considering the different parameters of the elastomeric bearing.
The lumpedmass model of the bridge is created and the analysis is done inMATLAB
considering earthquake excitation in the longitudinal direction of the bridge.

2 Model of the Elevated Bridge

The bridge considered in this study was used by previous researchers. The bridge
consists of 300 m long multi span concrete box girder supported on concrete
column and abutment. An intermediate hinge is present at 100 m from the left
abutment, the left segment of the box girder is supported on right segment through a
set of elastomeric bearings. The separation gap between the two adjacent segments
is 5 cm. The assumption considered in this analysis are the bridge and pier are
assumed to be in elastic state, lumped mass modeling of the bridge is done in the
study. The isolation systems are isotropic, implying the same dynamic properties in
two orthogonal directions; additionally, the bearings provided at the piers and
abutments have the same dynamic characteristics; and the stiffness of the non-
structural part is neglected and the bridge is subjected to unidirectional earthquake.

The equation of motion of the isolated bridge system for unidirectional earth-
quake considering the pounding is given below:

M½ � x
::� �þ C½ � _xf g þ K½ � xf g þ D½ � Ff g þ fp½ � ¼ � M½ � r½ � xg

::� � ð1Þ

where [M], [C] and [K] = mass, damping and stiffness matrix, respectively of the
bridge of orderN×N; x

::� �
, _xf g and {x} are the acceleration, velocity anddisplacement

responses of the bridge. [D] is the location matrix for the restoring force of the passive
system {f}, the pounding force generated is considered as [fp], [r] is the influence
coefficient matrix and xg

::� �
is the considered earthquake ground acceleration.
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3 Modeling of Pounding

When the adjacent structures vibrate in out of phase during a seismic event causing
collision between the structures is called pounding. Structural pounding is a com-
plex phenomenon involving plastic deformation at contact points, local cracking,
fracturing due to impact, friction, etc. forces created by collisions are applied and
removed during a short interval of initiating stress waves which travel away from
the region of contact. There are different model of pounding linear viscoelastic
model, non-linear elastic model and non-linear viscoelastic [6]. In this paper the
pounding has been modeled using non-linear viscoelastic approach. This model
overcomes the disadvantages of linear viscoelastic and the non-linear elastic models
and it simulates the pounding force accurately than the other. The non-linear
viscoelastic model consists of a non-linear spring which follows Hertz Law of
contact. The pounding force, f(t), between structures with mass is expressed as

f tð Þ ¼ 0 ð2Þ

when δ(t) ≤ 0

f tð Þ ¼ �bd
2
3 þ �c tð Þ _d tð Þ; ð3Þ

where δ(t) > 0 and (δ) ̇(t) > 0 (contact-approach period)

f tð Þ ¼ �bd
2
3; ð4Þ

when δ(t) > 0 and δ ̇(t) ≤ 0 (contact-restitution period)

d tð Þ ¼ x1 tð Þ � x2 tð Þ � d ð5Þ

where d is the initial separation gap, �b is the impact stiffness parameter depending n
material properties and geometry of colliding bodies and �cðtÞ is the impact ele-
ment’s damping, which at any instant can be obtained from the formulae

�c tð Þ ¼ 2�n
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
�b

ffiffiffiffiffiffiffiffi
dðtÞ

p m1m2

m1 þ m2

r
ð6Þ

where ξ denotes an impact damping ratio correlated with a coefficient of restitution,
e, which accounts for the energy dissipation during collision. The approximate
relation between ξ and e in the non-linear viscoelastic model are expressed by the
formula

�n ¼ 9
ffiffiffi
5

p

2
1� e2

eðe 9p� 16ð Þ þ 16Þ ð7Þ
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In this study the value considered to model the pounding are coefficient of
restitution is taken as 0.65, value of impact stiffness which is adopted form the
literature review is 2.06 × 102 kN/m3/2. Pounding forces are generated on both the
adjacent deck when left deck strike right and when right strike left the value of
pounding is different.

4 Numerical Modeling of Isolator

Laminated rubber bearing and NZ bearing are used in this model. The laminated
rubber bearing is considered to have a linear force deformation behavior. The
restoring force exerted by laminated rubber bearing can be expressed as

fb ¼ cb _xb þ kbxb ð8Þ

where cb is damping constant of the bearing, kb is stiffness of the bearing and xb is
the relative displacement of the bearing. The two parameters that governed the

property of laminated rubber bearing are tb ¼ 2p
ffiffiffiffiffiffiffiffiffiffi
M=kb

q
where tb is the isolation

time period, M = total mass of the super structure and kb = stiffness of the bearing.
eb ¼ cb=2Mxb where eb is the damping ratio and xb is the fundamental frequency of
the bearing.

NZ bearing is a different type of isolation system. It consists of alternative layers
of rubber and steel plate, and a lead plug is at the core of the bearing. When the lead
core deforms and reaches its yield displacement the bearing exhibit the hysteretic
behavior. The hysteretic loop provided by the lead core can be modeled using
Bouc-Wen equation.

fb ¼ cb _xb þ akbxb þ ð1� aÞQZ ð9Þ

where Q is yield strength of the bearing, a is ratio of post to pre yield stiffness; kb is
the pre yield stiffness; cb is the viscous damping of the bearing; and Z is the non-
dimensional hysteretic displacement component satisfying the following nonlinear
first order differential equation expressed as

q_z ¼ �b _xbj jz zj jn�1�s_xb zj jnþA _xb ð10Þ

where, q is the yield displacement; dimensionless parameters β, τ, A and n are
selected such that predicted response from the model closely matches with the
experimental results. The parameter n is an integer which controls the smoothness
of transition from elastic to plastic response.
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The parameters which governed the property of lead rubber bearing are time
period of the isolator, damping ratio of the isolator and lastly the normalized yield
strength.

Isolation time period tb ¼ 2p
ffiffiffiffiffiffiffiffiffiffiffiffi
M=akb

q
, Damping ratio; eb ¼ cb=2Mxb and

normalized yield strength Q=W where W = Mg is the total weight of the super
structure and g is the ground acceleration. The value of parameters of the hysteresis
loop of the LRB are taken as q = 2.5 cm, A = 1 and b ¼ 1.

5 Numerical Results

In this study three models of bridges have been considered: (1) non-isolated bridge
(2) bridge isolated using laminated rubber bearing and (3) bridge isolated with NZ
bearing. The properties of the bridge is presented in Table 1.

For non-isolated bridge, the expansion gap between the two adjacent decks is
taken as 5 cm. Figure 1a shows the time history of displacement for both cases
considering pounding and without considering pounding when the bridge is sub-
jected to scaled (1.6 times) El Centro earthquake excitation. Figure 1b shows that
pounding results in an increase in acceleration. The maximum acceleration
observed when pounding occurs is 14.4 m/s2 which is increased from 7 m/s2. When
right deck approach the left deck the maximum absolute acceleration is 24 m/s2

which is increased from 14.4 m/s2 for El Centro earthquake. Figure 1c shows the
pounding time history where the maximum pounding recorded is 20.8 MN and
pounding occur 13 times (when right deck approach left). The maximum pounding
recorded when left deck approaches to the right deck is 14.4 MN.

6 Effect of Gap Size

From Eqs. (2)–(7), it is evident that the force generated due to pounding between
adjacent structures varies with the relative displacement between the colliding
structures. The relative displacement in turn depends upon the size of the gap

Table 1 Properties of the bridge

Property bridge segments Unit Left segment Right segment

Mass of the deck kg 1.2 × 106 2.4 × 106

Span length M 100 200

Pier stiffness MN/m 107 94

Pier damping MN.s/m 1.13 1.5

Damping constant % 0.05 0.05

Density of the mass kg/m3 2.4 × 103 2.4 × 103
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between the structures. For effective performance of isolation systems, sufficient
displacement need to be allowed and some minimum gap between the adjacent
structures should be provided in order to cater to this large displacement demand in
the isolators. Therefore, as the gap size is reduced, the effectiveness of the isolator
in providing isolation is to be reduced. On the other hand, since the gaps between
adjacent bridge decks are filled with properly designed expansion joints, larger gaps
result in higher installation, maintenance and operational costs. Problems in
inspection and maintenance also are more. Hence, it is very important to ascertain
the optimum size of the gap. The bridge, isolated with NZ bearing, is subjected to
scaled EI Centro ground motion and is analyzed with different gap sizes, varying
uniformly from 1 to 15 cm. The variation of five quantities, namely, magnitude of
maximum pounding force, absolute maximum displacements of left and right decks
and absolute maximum acceleration of left and right decks, due to the variation of
gap sizes for the non-isolated bridge are shown in Table 2. Figure 2 demonstrates

Fig. 1 Time histories of response of non-isolated bridge subjected to El Centro ground motion:
a left deck displacement; b right deck displacement; c left deck acceleration; d right deck
acceleration and e pounding force
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the effect of gap size on three response quantities—magnitude of maximum
pounding force, number of occurrences of pounding and percentage control of
acceleration. The figure indicates that first quantity mentioned above more or less
remains constant, the second one decreases but the third one increases as the gap
size is increased. The reduction in number of pounding events with increasing gap
size can be considered to be more or less uniform in nature (except for gap sizes
between 1 and 3 cm) and the acceleration control increase significantly beyond a
gap size of 10 cm. In view of the above discussion, it can be concluded that the
percentage control of deck acceleration is increased and magnitude of maximum
pounding force and number of occurrences of pounding are reduced with increase
in the gap size for isolated bridges. These effects are very much pronounce for a gap
size more than 10 cm (refer Fig. 2).

7 Effect of Time Period of the Laminated Isolator
on Pounding Force

Aparametric study is performed on both the LRB andNZ isolated bridge, to study the
effect of isolation time period (tb) and time period value is varied uniformly from 2 to
4 s. Maximum responses for different isolation period for different earthquake for
bridge isolated with LRB andNZ system are presented in Tables 3 and 4, respectively.

Table 2 Peak response quantities for non-isolated bridge for El Centro ground motions

Gap
size
(cm)

Max
pounding
force
(MN)

Absolute
maximum
displacement
of left deck
(m)

Absolute
maximum
displacement
of right deck
(m)

Absolute
maximum
acceleration
of left deck
(m/s2)

Absolute maxi-
mum accelera-
tion of right
deck (m/s2)

1 48.03 0.26 0.32 33.08 25.29

2 48.40 0.26 0.33 34.48 30.98

3 53.75 0.26 0.34 37.68 32.11

4 63.40 0.26 0.35 35.46 31.55

5 57.60 0.26 0.36 31.11 31.79

6 50.57 0.26 0.37 33.66 32.90

7 59.89 0.25 0.36 35.08 33.19

8 61.07 0.25 0.37 32.11 32.53

9 57.22 0.25 0.37 31.06 29.83

10 52.84 0.26 0.37 31.52 29.81

11 51.81 0.25 0.36 36.56 33.18

12 56.45 0.25 0.36 37.95 33.67

13 54.62 0.25 0.36 32.94 32.71

14 59.50 0.24 0.37 40.76 37.69

15 57.00 0.24 0.36 36.23 35.49
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The maximum pounding force, along with the number of occurrences of pounding is
studied. It is observed that the number of occurrences of pounding and, in general, the
magnitude ofmaximumpounding force reduces as the isolation time period increases.
i.e. both these quantities have inverse relationshipwith the time period of the isolators.
However, the results indicate that for certain particular values of time period, which
varies from earthquake to earthquake, there magnitude of pounding force suddenly

Fig. 2 Variation of number of poundings, maximum pounding force and percentage increase in
deck acceleration with gap size

Table 3 Maximum responses for different isolation period for different earthquake for bridge
isolated with LRB

tb(s) Earthquake Maximum pounding force

Left
(MN)

Occurrence of
pounding

Right deck
(MN)

Occurrence of
pounding

2 El Centro (0.5
PGA) scaled

3.823 5 4.15 5

2.5 3.18 6 2.83 6

3 2.22 5 1.685 4

3.5 6.26 2 5.61 2

4 0 0 0 0

2 Kobe 3.08 7 2.7 5

2.5 2 4 2.22 4

3 9.3 2 9.12 2

3.5 0 0 0 0

4 0 0 0 0

2 Chi Chi 10.4 7 10.3 13

2.5 4.56 6 5.66 13

3 2.25 4 2.8 12

3.5 1.8 2 1.4 8

4 1.2 2 1.3 4
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increases. Therefore, it can be concluded that the pounding force and the number of
poundings reduce in general with increase in isolation period. But in case of pounding
force, it cannot be said for certain as there are some cases of exception.

8 Effect of Earthquake Ground Motion on Pounding

All the earthquakes considered in this study are scaled to have the same PGA as that
of the San Fernando Earthquake. It is observed that the pounding force is inversely
proportional to the isolation time period. Figure 3a, b indicate that the effect of
ground motion characteristics on the pounding force developed is predominant for
stiffer bridges (i.e. for bridges in which the isolators used have high stiffness values)
and this effect becomes less significant for flexible bridges. This becomes evident
from the figures which show that at the time period of 1.5 s, variation in magnitudes
of the maximum pounding forces is observed to be about 6–7 times. At the time
period of 2 s this variation is about 1.5–2 times and at higher time periods this
variation becomes negligible. Thus, the effect of earthquake ground motion char-
acteristics on pounding reduces considerably for time period greater than 2.5 s.

Table 4 Maximum responses recorded for different isolation period for different earthquake for
bridge isolated with NZ bearing

tb(s) Earthquake Maximum pounding force

Left deck
(MN)

Occurrence of
pounding

Right deck
(MN)

Occurrence of
pounding

2 El Centro (0.5
PGA) scaled

2.85 7 2.97 7

2.5 2.24 3 2.213 4

3 9.28 3 6.73 3

3.5 0 0 0 0

4 0 0 0 0

2 Kobe 1.73 8 1.85 8

2.5 1.67 4 1.67 4

3 0.8 1 4.29 1

3.5 0 0 1.94 1

4 0 0 5.94 1

2 Chi Chi (Taiwan) 0.4 14 9.3 16

2.5 4.22 10 4.6 12

3 2.4 7 2.05 8

3.5 1.8 5 1.57 6

4 9.8 2 0.525 4
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9 Conclusions

In the present study effect of pounding in isolated bridge is studied. The numerical
model of seismically isolated bridge is developed using Laminated-Rubber bearing
and NZ bearing. The isolated bridge model is subjected to different earthquake
ground motion to study the effect of pounding on it. The pounding force is modeled
as nonlinear viscoelastic model. Following are the conclusions of the study:

1. Due to the occurrence of pounding, there is a sudden increase in absolute
acceleration of the bridge deck. This affects the performance and behavior of the
bridge and hence, the pounding effect needs to be considered in the design of
bridges.

2. From the results it has been observed that either very small or large gap size
reduces the effect of pounding, but providing a large gap size is not practically

Fig. 3 Maximum pounding force versus isolation time period for different earthquakes: a LRB
and b NZ bearing
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feasible as it creates problems in installation, maintenance and operation. When
the gap size is small, the isolators cannot perform effectively. Thus, there exists
an optimum range of gap size for desired performance of the isolators.

3. As far as performance of the isolators are concerned, the percentage control of
deck acceleration is increased, and the magnitude of maximum pounding force
and the number of occurrences of pounding are reduced with increase in the gap
size. These effects are very much pronounced after a certain value of gap size,
which in the present case is found to be 10 cm.

4. The pounding force and the number of poundings reduce in general with
increase in isolation period but in case of the pounding force, this phenomenon
cannot be said for certain as there are certain cases of exception.

5. The effect of ground motion characteristics on the pounding force developed is
predominant for stiffer bridges (i.e. for bridges in which the isolators used have
high stiffness values) and this effect becomes less significant for flexible bridges.
For any isolated bridge, this effect of earthquake ground motion characteristics
on pounding reduces considerably after a certain value time period, which in the
present case is found to be 2.5 s.
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Random Response Analysis of Adjacent
Structures Connected by Viscous Damper

C.C. Patel

Abstract The response of two adjacent single degree-of-freedom (SDOF)
structures connected by viscous damper under base excitation, modeled as non-
stationary random process is investigated. To study the effect of amplitude
non-stationary characteristics of earthquake excitation, the ground motion is
modeled as a uniformly modulated stationary Gaussian random process with zero-
mean. The non-stationary response of coupled structure is obtained for modulating
function having different strong motion duration and compared with the corre-
sponding stationary response. The peak value of root mean square (RMS) response
of the connected structures for other model of earthquake excitation such as Kanai-
Tajimi and white noise is compared for stationary and tow non-stationary condi-
tions. It is observed that stationary response is achieved in a very short time. The
peak value of RMS response under non-stationary ground motion is nearly same as
that of the stationary response. The result indicates that the peak value of responses
for stationary and two non-stationary cases is quite comparable with each other.
Thus, the random response of coupled structure can be obtained by considering
stationary model of earthquake ground motion.

Keywords Adjacent structures � Dynamic response � Viscous damper � Passive
control � Seismic effect

1 Introduction

Significant effort have been given for research and development of various energy
dissipation devices and control mechanisms, to increase the safety and reliability of
engineering structures against natural disturbances like strong wind and earthquakes.
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The control mechanism can modify dynamically the response of structure in a
desirable manner, it termed as protective system for the new structures and the
existing structures can be retrofitted effectively for future seismic activity. Structural
control paper by Housner et al. [1], state-of-the-art paper by Soong and Spencer [2]
focused on passive and other structural control systems, Kasai et al. [3] presented the
passive control systems for seismic damage mitigation, Kasai et al. [4] gives full
scale damper tests and analysis in 5 storey steel frame, Kasai et al. [5] presents the
current status of building passive control in Japan, these studies confirm that the
passive control devices are found to be effective for seismic response control of
structures. Thus, passive control using energy absorbing devices has received con-
siderable attention in recent years. Significant effort have been given for research and
development of various energy dissipation devices and control mechanisms, to
increase the safety and reliability of engineering structures against natural distur-
bances like strong wind and earthquakes. The control mechanism can modify
dynamically the response of structure in a desirable manner, it termed as protective
system for the new structures and the existing structures can be retrofitted effectively
for future seismic activity. Structural control paper by Housner et al. [1], state-of-the-
art paper by Soong and Spencer [2] focused on passive and other structural control
systems, Kasai et al. [3] presented the passive control systems for seismic damage
mitigation, Kasai et al. [4] gives full scale damper tests and analysis in 5 storey steel
frame, Kasai et al. [5] presents the current status of building passive control in Japan,
these studies confirm that the passive control devices are found to be effective for
seismic response control of structures. Thus, passive control using energy absorbing
devices has received considerable attention in recent years.

Connecting adjacent structures by passive energy dissipation device when
possible is an effective alternate amongst the various structural control techniques.
It is developing control mechanism to reduce the excessive structural vibration due
to natural disturbances and also helpful to minimize the chances of pounding. The
concept of coupling adjacent tall building was proposed by Klein et al. [6] in United
States, and by Kunieda [7] coupling multiple structure in Japan. Response control
by coupling adjacent structure is working on the concept to allow exerting control
forces upon one another to reduce the overall response of the coupled system.
However, it alters the dynamic characteristics of the unconnected structures,
enhances undesirable torsional response if the buildings have asymmetric geometry,
and increase the base shear of the stiffer structure. In certain situations the free space
available between adjacent structures can be effectively utilized for installation of
control devices. Maison and Kasai [8] have presented a analysis for types of
structural pounding; Luco and De Barros [9] have studied connecting low to
medium rise structures with passive devices; Zhu and Iemura [10] proposed a new
structure-vibration-control approach using passive coupling element between two
parallel structures to reduce the seismic response of a system due to earthquake
excitation; Yang et al. [11] presented experimental seismic study of adjacent
buildings with fluid dampers, Cimellaro and Lepoz [12] studied the seismic
response of a pair of linear multistorey building structures connected by nonlinear
passive devices; study found the optimal value of the damper exponent depends on
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the value of the damper coefficient of damper device, Anunthanakul and Jiansin-
lapadamrong [13] presented study on structural pounding response mitigation by
liquid dampers, found the displacement response of both the building reduced
significantly and pulse accelerations were eliminated which reduced the impact
forces on the structures.

The response of adjacent structures connected by viscous damper to non-sta-
tionary ground motions is studied. The objectives of the present work are to: (1)
study the response of adjacent SDOF coupled structures subjected to non-stationary
ground motion; (2) study the non-stationary (having different strong motion dura-
tion) RMS response of coupled structures and corresponding stationary response;
(3) study the RMS response of the connected structures for other model of ground
excitation such as Kanai-Tajimi and white noise.

2 Modeling of Adjacent Structures Coupled by Viscous
Damper

Consider two adjacent SDOF structures connected with a viscous damper as shown
in Fig. 1a and corresponding mathematical model shown in Fig. 1b. Various
assumptions made for the structural system under consideration are; (i) the two
structures are symmetric with their symmetric planes in the alignment and ground

Fig. 1 Structural model of
two SDOF adjacent coupled
structures a adjacent
structures connected by
viscous damper,
b mathematical model
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motion is to occur in one direction in the symmetric planes, (ii) both structures are
to be of the same height and are connected by viscous damper at their floor level,
(iii) both structures are subjected to the same ground motion (iv) the coupled
structure remain in linear elastic and (v) effect due to soil-structure interaction is
neglected. The adjacent structures are idealized as two SDOF coupled system and
referred as structures 1 and 2, respectively.

Let m1; k1; c1 and m2; k2; c2 be the mass, stiffness and damping coefficient of the
Structures 1 and 2, respectively. Let x1 ¼

ffiffiffiffiffiffiffiffiffiffiffiffi
k1=m1

p
and x2 ¼

ffiffiffiffiffiffiffiffiffiffiffiffi
k2=m2

p
be the

natural frequencies and n1 ¼ c1=2m1x1 and n2 ¼ c2=2m2x2 be the damping ratios
of Structures 1 and 2, respectively. Let l and c be the mass and frequency ratio of
two structures, respectively, expressed as

l ¼ m1

m2
ð1Þ

c ¼ x2

x1
ð2Þ

The damper force is a function of damper stiffness and damper damping ratio.
The damper offer a stiffness and the damper force is affected by damper stiffness
also. The past studies shows that the small value of damper stiffness of the damper
connecting adjacent structures has no effect on response of the structures and the
frequency of both the structures unaltered whereas, the strong damper stiffness
reduces the relative displacement and the relative velocity of damper and hence the
performance of damper deteriorates; and sometimes maximum displacement and
base shear of stiffer structure may increase than unconnected structure. For present
study the force in the viscous damper fd is assumed to be proportional to the relative
velocity of damper ends, is given by

fd ¼ cd _ur ð3Þ

The damping coefficient of damper cd , which is expressed in the normalized
form as

nd ¼
cd

2m1x1
ð4Þ

where _ur is relative velocity of the damper ends and nd is the normalized damping
coefficient of damper. The governing equations of motion for the damper connected
system can be written as

m1€u1ðtÞ þ c1 _u1ðtÞ þ k1u1ðtÞ þ cdð _u1ðtÞ � _u2ðtÞÞ ¼ �m1€ugðtÞ ð5Þ
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m2€u2ðtÞ þ c2 _u2ðtÞ þ k2u2ðtÞ � cdð _u1ðtÞ � _u2ðtÞÞ ¼ �m2€ugðtÞ ð6Þ

where u1ðtÞ and u2ðtÞ are the displacement response, relative to the ground, of
Structures 1 and 2, respectively; and €ugðtÞ is the ground acceleration. From Eqs. (5)
and (6), it can be written as

€u1ðtÞ þ €ugðtÞ ¼ �ðc1=m1Þ _u1ðtÞ � ðcd=m1Þð _u1ðtÞ � _u2ðtÞÞ � ðk1=m1Þu1ðtÞ ð7Þ

€u2ðtÞ þ €ugðtÞ ¼ �ðc2=m2Þ _u2ðtÞ þ ðcd=m2Þð _u1ðtÞ � _u2ðtÞÞ � ðk2=m2Þu2ðtÞ ð8Þ

The structural control criteria depend on the nature of dynamic loads and the
response quantities of interest. Minimizing the relative displacement or absolute
acceleration of the system are always been considered as the control objective. In
case of flexible structures, displacements are predominant that need to be mitigated.
In case of stiff structures, accelerations which generate higher inertial force in
structures, requires to be controlled. In view of this, the study aims to arrive the
distinct expressions for optimum parameters of damper for minimizing exclusively
displacement as well as acceleration response.

3 Model of Ground Motion Excitation

The purposes of modeling the earthquake ground motion are to represent the fre-
quency content, time dependent frequency content which is due to arrival of dif-
ferent waves at different time, transient nature and duration of earthquake ground
motion in translations and rotations of displacement, velocity and acceleration
components, spatial variability especially for long span structures, multi-component
nature, and various seismological considerations like source mechanism, propa-
gation of waves in geological medium, scattering etc. The various stochastic models
for earthquake ground motions are Single component model, Multi-component
model, spatially varying load model, Gaussian random process model and Poisson
pulse process model. Single component model are stationary random process or
non-stationary random process, whereas for multi component and spatially varying
load model uses vector random process model.

Earthquake ground motion is transient phenomenon. Generally, structural
engineers are interested in maximum response due to ground motion. For small
time, the response is non-stationary and depends on initial conditions, whereas for
reasonably large time the response become stationary and ground motion can be
modeled as stationary.

Non-stationarity in ground motion is non-stationarity in amplitude and frequency
content. Non-stationarity in frequency content can be introduced by random pulse
process and evolutionary power spectral density function. Power spectral density
function is time dependent function, such process is called as evolutionary process.
If the evolution of the frequency content with time can be neglected, the ground
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motion can be characterized by a matrix of the power spectral density function
(PSDF) and intensity envelop function. Amplitude non-stationarity can be intro-
duced by multiply the stationary Gaussian random process with zero mean whose
power spectral density by deterministic modulating function (also called envelop
function), which captured the non-stationary trend observed in earthquake ground
motion. The non-stationary response of a SDOF system to non-stationary earth-
quake motion for different shapes of modulating functions is investigated and
comparison of the non-stationary earthquake response of the SDOF system for
different modulating functions having same energy content is studied by Jangid
[14]. The earthquake excitation €ugðtÞ is expressed as

€ugðtÞ ¼ AðtÞ€uf ðtÞ ð9Þ

where AðtÞ ¼ deterministic modulating function; and €uf ðtÞ stationary random
process. The modulating function proposed by Amin and Ang [15] initially
increases parabolic (up to time t1), remains constant between t1 and t2, and then
decreases exponentially, is expressed by

AðtÞ ¼
A0ðt=t1Þ2 ð0� t� t1Þ
A0 ðt1 � t� t2Þ
A@e�cðt�t2Þ ðt� t2Þ

8<
: ð10Þ

A0 is the scaling factor and c is the constant.
In present study the deterministic modulating function is considered from Amin

and Ang [15] with scaling factor A0, t1 and t2 are time for start and end of strong
motion duration, respectively; c ¼ constant; and T0 ¼ t2 � t1 strong motion dura-
tion of earthquake. The evolutionary PSDF of the earthquake excitation is given by

S€ugðxÞ ¼ AðtÞj j2S€uf ðxÞ ð11Þ

where S€ugðxÞ ¼ stationary PSDF of the earthquake ground motion. In the present
study the PSDF of the earthquake excitation €uf ðtÞ is considered as [16]

S€uf ðxÞ ¼ S0
1þ 4n2gðx=xgÞ2

ð1� ðx=xgÞ2Þ2 þ 4n2gðx=xgÞ2
 !

ðx=xf Þ4
ð1� ðx=xf Þ2Þ2 þ 4n2f ðx=xf Þ2

 ! ð12Þ

where S0 is the constant PSDF of input white-noise random process, and xg; ng;xf

and nf are the ground filter parameters.
The PSDF of €uf ðtÞ is a nonwhite random process, whereas the state variable

method for random response of any system requires that the excitation must be
either white noise or sort noise. However, this obstacle can be circumvented by
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introducing the shaping filters in which the random process €uf ðtÞ can be considered
as the response of two linear filters subjected to white-noise excitation as

€uf ðtÞ þ 2n2fxf _uf ðtÞ þ x2
f uf ðtÞ ¼ �ð€ugðtÞ þ €u0ðtÞÞ ð13Þ

€ugðtÞ þ 2n2gxg _ugðtÞ þ x2
gugðtÞ ¼ �€u0ðtÞ ð14Þ

where €u0ðtÞ input white-noise random process with constant intensity of the PSDF
as S0. Equations (13) and (14) provide the stationary PSDF of the response €uf ðtÞ as
that expressed by Eq. (12). The xg and ng generally represent the predominant
frequency and damping ratio of soil strata, respectively. The value of various
parameters considered are ng ¼ nf ¼ 0:6 moreover, the parameters xg and xf are
varied to model various shape of the PSDF of earthquake excitation such as Kanai-
Tajimi (i.e. xf ! 0) [17] and the simple white-noise (i.e. xf ! 0 and xg ! 1)
model. For the Kanai-Tajimi model the xf is considered as 10−6 rad/s, where as for
white-noise model the xg and xf are taken as 106 and 10−6 rad/s, respectively.
Three models of the PSDF function of earthquake ground motion using Eq. (12)
and the above parameters are shown in Fig. 2. The variable values of xg and S0 is
used to study the influence of predominant frequency and intensity of excitation on
the response of the coupled structural system.

4 Evaluation of Stochastic Response

The stochastic response of base isolated structure through nonlinear time history
simulation analysis has been validated by Jangid [18] and many other researchers.
Thus, Eqs. (5) and (6) along with (9), (13) and (14) can be rewritten as a system of
first-order differential equations as

Fig. 2 Plot of different
spectra of earthquake ground
motion using Eq. (12)
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d
dt

Y½ � ¼ H½ � Y½ � þ W½ � ð15Þ

where Y½ � is state vector; H½ � is augmented system matrix; and W½ � is excitation
vector. Vector Y½ � and W½ � are expressed as

Y½ � ¼ u1ðtÞ u2ðtÞ _u1ðtÞ _u2ðtÞ uf ðtÞ _uf ðtÞ ugðtÞ _ugðtÞ
� �T ð16Þ

W½ � ¼ 0 0 0 0 0 0 0� €u0ðtÞ½ �T ð17Þ

The augmented response vector Y½ � is Markov process and corresponding
covariance matrix V½ � satisfies the following equation Nigam [19]

d
dt

V½ � ¼ H½ � V½ �Tþ V½ � H½ �Tþ P½ � ð18Þ

where superscript T is transpose of matrix.
The elements of matrix V½ � and P½ � are given by

Vij ¼ E YiYj
� � ð19Þ

Pij ¼ E WiWj
� � ð20Þ

where Yi and Wi are ith elements of the vector Y½ � and W½ �, respectively. All the
elements of matrix P½ � are zero except Pð2nþ 4; 2nþ 4Þ ¼ 2pS0, ðn ¼ 2Þ.

By introduction of modulating functionAðtÞ, the augmented system matrix, H½ �,
becomes time dependent. The non-stationary response of the system (i.e. V½ �
matrix) is obtained by solving the moment Eq. (18) using step-by-step method. The
fourth-order Runge-Kutta method is employed for the present study.

5 Numerical Study

The non-stationary response of the system is obtained by solving Eq. (18) and the
response quantities of interest are the root mean square (RMS) relative displace-
ment and absolute acceleration of structures 1 and 2. The response of the system is
investigated for two types of modulating functions express by Eq. (12), namely, (1)
t1 ¼ 2 s, t2 ¼ 7 s and c ¼ 0:5 s�1; and (2) t1 ¼ 2 s, t2 ¼ 12 s and c ¼ 0:5 s�1.
These modulating functions are referred as Types I and II which have the strong
motion duration of T0 ¼ 5 s and 10 s, respectively. In addition, the response is also
investigated for AðtÞ ¼ 1 for all values of time t. (i.e., this corresponding to a
stationary earthquake ground motion) in order to distinguish between the stationary
and non-stationary response of the coupled structures. The model of the coupled
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structure in this study requires the specifications of parameters, namely: (1) fre-
quency ratio c; (2) mass ratio l; (3) structural damping n1 and n2 and (4) nor-
malized damping coefficient nd . The earthquake excitation requires the specification
of the system parameters xg, xf and S0. Figure 3 shows the time variation of RMS
relative displacement and absolute acceleration of Structure 1 and 2 for different
types of modulating functions with xf ¼ p=2 rad/s, xg ¼ 5p rad/s, and
S0 ¼ 0:05m2

�
s3. The response is shown for the system parameters: frequency

ratio c ¼ 2, mass ratio l ¼ 1, structural damping n1 ¼ n2 ¼ 0:05, and normalized
damping coefficient nd ¼ 0:23. It is observed from the figure that the stationary
response is achieved in a very short time (i.e. about 2.0 s). In addition, the peak
value of RMS response under non-stationary ground motion is the same as that of
the stationary response. This happens mainly due to the relatively large damping
due to external damper coupling two structures. In Table 1, the peak value of RMS
response of the coupled structure for other models of earthquake excitation such as
Kanai-Tajimi and white-noise is compared for stationary and two non-stationary
conditions. Table 1 indicates that the peak response for stationary and two non-
stationary cases is quite comparable with each other. Thus, the stochastic earth-
quake response of coupled structure can be obtained by considering stationary
model of earthquake ground motion with appropriate frequency variation of PSDF
and intensity.

Fig. 3 Comparison of stationary and non-stationary response of adjacent structures connected by
viscous damper (l ¼ 1, c ¼ 2, n1 ¼ n2 ¼ 0, nd ¼ 0:23, xf ¼ p=2 rad/s, xg ¼ 5p rad/s, and
S0 ¼ 0:05 m2=s3)
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6 Conclusions

The response of two adjacent SDOF structures connected by viscous damper under
non-stationary earthquake ground motion is investigated. The non-stationary
response for two different strong motion duration of various earthquake excitation
model is compared with corresponding stationary response of the system. The peak
value of RMS response for various earthquake excitation models is calculated. From
the trends of the results of present study, the following conclusions may be drawn:

(1) For non-stationary type excitations, the stationary response is achieved in a
very short time.

(2) The RMS response under non-stationary ground motion is nearly same as that
of stationary response.

(3) The peak value of RMS response for stationary and two non-stationary cases
is quite comparable with each other.

(4) The random response of coupled structure can be obtained by considering
stationary model of earthquake ground motion.

Table 1 Comparison of stationary and nonstationary response of adjacent coupled structures
(c ¼ 2, l ¼ 1, n1 ¼ n2 ¼ 0:05, and S0 ¼ 0:05 m2/s3)

Model of PSDF of
earthquake excitation

Response quantity Stationary Nonstationary-I Nonstatinary-II

Clough-Penzien model
with xf ¼ p=2 rad/s
and xg ¼ 5p rad/s

RMS displacement
u1 (mm)

158.83 158.07 158.80

RMS displacement
u2 (mm)

95.29 94.60 95.28

RMS acceleration
a1 (g)

0.115 0.114 0.115

RMS acceleration
a2 (g)

0.124 0.123 0.124

Kanai-Tajimi model with
xg ¼ 5p rad/s

RMS displacement
u1 (mm)

155.02 154.18 155.00

RMS displacement
u2 (mm)

92.40 91.72 92.39

RMS acceleration
a1 (g)

0.111 0.110 0.111

RMS acceleration
a2 (g)

0.119 0.119 0.119

White-noise model RMS displacement
u1 (mm)

148.48 147.62 148.45

RMS displacement
u2 (mm)

82.76 82.15 82.75

RMS acceleration
a1 (g)

0.102 0.101 0.102

RMS acceleration
a2 (g)

0.107 0.106 0.107

1138 C.C. Patel



References

1. Housner GW, Bergman L, Caughey TK, Chassiakos AG, Claus RO, Masri SF, Skelton RE,
Soong TT, Spencer BF, Yao JTP (1997) Structural control: past, present and future. J Eng
Mech (ASCE) 123(9):897–971

2. Soong TT, Spencer BF (2002) Supplemental energy dissipation: state-of-the-art and state-of-
the-practice. Eng Struct 24:243–259

3. Kasai K, Yaomin Fu, Atsushi W (1998) Passive control system for seismic damage mitigation.
J Struct Eng (ASCE) 124(5):501–512

4. Kasai K, Ooki Y, Ishii M, Ozaki H, Ito H, Motoyui S, Hikino T, Sato E (2008) Valu-added 5-
storey steel frame and its components: part-1 full-scale damper tests and analysis. In: The 14th
world conference on earthquake engineering, Beijing, China

5. Kasai K, Nakai M, Nakamura Y, Asai H, Suzuki Y, Ishii M (2008) Current status of building
passive control in Japan. In: The 14th world conference on earthquake engineering, Beijing,
China

6. Klein RE, Cusano C, Stukel J (1972) Investigation of method tostabilize wind induced
oscillations in large structures. In: ASME winter annual meeting, New York, 72-WA/AUT-H

7. Kunieda M (1976) Earthquake prevent design and earthquake proof design for structures.
J JSME 79(689):86–91 (in Japanese)

8. Maison BF, Kasai K (1994) Analysis for type of structural pounding. J Struct Eng (ASCE) 116
(4):957–977

9. Luco, JE, De Barros FCP (1998) Optimal damping between two adjacent elastic structures.
Earthq Eng Struct Dyn 27:649–659

10. Zhu H, Iemura H (2000) A study of response control on the passive coupling element between
two parallel structures. Struct Eng Mech 9:383–396

11. Yang Z, Xu YL, Lu XL (2003) Experimental seismic study of adjacent buildings with fluid
dampers. J Struct Eng ASCE 129(2):197–205

12. Cimellaro GP, Lopez-Garcia D (2007) Seismic response of adjacent buildings connected by
nonlinear viscous dampers. Struct Eng Res Front 1–12. doi:10.1061/40944(249)64

13. Anunthanakul N, Jianinlapadamrong M (2009) Structural pounding response mitigation by
liquid dampers. ASCE. doi:10.1061/41084(364)131

14. Jangid RS (2004) Response of SDOF system to non-stationary earthquake excitation. Earthq
Eng Struct Dyn 33:1417–1428

15. Amin M, Ang AHS (1968) Non-stationary stochastic model of earthquake motion. J Eng
Mech ASCE 94:559–583

16. Clough RW, Penzien J (1993) Dynamics of structures. McGraw Hill, New York
17. Tajimi HA (1960) A statistical method for determining the maximum response of a building

structure during an earthquake. In: 2nd world conference on earthquake engineering, vol 3,
pp 781–797

18. Jangid RS (2008) Stochastic response of bridges seismically isolated by friction pendulum
system. J Bridge Eng ASCE 13(4):319–330

19. Nigam NC (1983) Introduction to random vibrations, 1st edn. MIT Press, Cambridge

Random Response Analysis of Adjacent Structures … 1139

http://dx.doi.org/10.1061/40944(249)64
http://dx.doi.org/10.1061/41084(364)131


Part XI
Hydro-Dynamics and Fluid-Structure

Interaction



Dynamic Analysis of a Mega-Float

K.S. Arunraj and R. Panner Selvam

Abstract This paper covers the wave induced hydro-elastic response analysis of a
pontoon type very large floating structure (VLFS) or Mega-Float. This coupled
Fluid–Structure interaction problem can be solved using modal expansion method
in the frequency domain. In this paper, a pontoon type VLFS structure is analyzed
for wave responses. HYDRAN software package has been used for the numerical
modeling. Vertical displacement of the structure is obtained in regular waves for
different wave periods at three different points (bow, mid-ship and stern) of VLFS
for 0° wave heading angle. The variation of the vertical displacement for mid-
section are also obtained for four different wave headings for various wave periods.
Similarly variations of vertical displacements with change in ratio of wavelength to
the length of the structure and for two different materials (steel and aluminium) are
obtained. Finally, the longitudinal stresses for different wave periods at bow, stern
and midship of the structure are compared.

Keywords Very large floating structures � Hydro-elasticity � Dynamic analysis �
Mega-float � Modal expansion method � Response amplitude operator

1 Introduction

Owing to an exponential growth in human population the land scarce island coun-
tries and countries with long coastline are looking to expand their horizon into ocean
environment to reduce the burden on the land. But the land reclamation procedures
are time consuming and found to have negative impact on environment, mainly on
the ecological systems in continental shelf. In this scenario Very Large Floating
Structures (VLFS) are gaining more popularity as these are cost effective, envi-
ronmental friendly and can be constructed easily and can be easily removed or
expanded. VLFS can be used for making Floating Airports, Artificial Islands, and

K.S. Arunraj (&) � R. Panner Selvam
Department of Ocean Engineering, IIT Madras, Chennai, India

© Springer India 2015
V. Matsagar (ed.), Advances in Structural Engineering,
DOI 10.1007/978-81-322-2193-7_89

1143



Mobile Offshore Base etc. VLFSs may be classified into two broad categories
according to Watanabe et al. [1], namely, the semi-submersible type and the pon-
toon-type. The semi-submersible type of VLFSs having their platform raised above
the sea level and supported by columns resting on submerged pontoons. In deep seas
where the wave elevations are higher, it is advisable to use semi-submersible type
VLFS to minimize the effects of waves and to obtain structural stability. The pon-
toon-type VLFS is a simple flat box structure floating on the sea surface suitable for
very calm seas. A pontoon type VLFS commonly referred as Mega-Float by Japa-
nese scientists. A typical Mega-Float has large horizontal dimensions compared to
its draft. Given such a small depth to length ratio, a VLFS has relatively small
flexural rigidity which makes it behaves almost like an elastic plate on water. In other
words, the VLFS has a significant elastic deformation in addition to the rigid body
motion under wave actions; these elastic deformations are more crucial than their
rigid body motions. When the structure is considered as flexible the equations of
motion become coupled and the term hydro-elasticity comes into the picture. Suzuki
and Yoshida [2] proposed two conditions that a VLFS must satisfy. These are

(i) Length of the structure must be greater than the wavelength.
(ii) Length of the floating structure to be larger than the characteristic length kc

defined by:

kc ¼ 2p
EI
qwg

� �1=4

ð1Þ

where EI is the flexural rigidity per unit length, ρw the fluid density, and g is the
gravitational acceleration. If the length of the structure is less than characteristic
length the response is dominated by rigid body motions, else by elastic deformations
ISSC [3].

Hydro-elastic analysis is critical in the VLFS assessment as well as for design
improvement. Bishop and Price [4] and Price and Wu [5], did significant contri-
bution in developing 3-D hydro-elasticity theory where the Green function method
is used to model the fluid and the finite element method to model the VLFS.
HYDRAN software computations are bases on 3D hydro-elasticity theory. A brief
description of salient features of the analysis of the Mega-float is presented in the
next section. Details of the theoretical formulation of the analysis are given in
Ruiping [6].

2 Frequency Domain Analysis

The coordinate system used for the numerical modeling is shown Fig. 1. A Carte-
sian coordinate system selected with origin at the undisturbed free surface and the
z-axis pointing upwards. The seabed is flat and impermeable at z = −h and
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assuming an incident wave with a circular frequency ω, height 2A (A is the
amplitude) and wave angle θ excites the mega-float of length L, beam B and draft d
and the deflection, w(x,y), is measured from the still water level.

2.1 Fluid Domain Potential and Boundary Conditions

Since the fluid is ideal and flow is irrotational velocity potential (/) must exist and
it should satisfy the Laplace equation,

r2/ðx; y; 0Þ ¼ 0 ð2Þ

Time-harmonic motions are considered, with the complex time dependence eixt

applied to all first-order oscillatory quantities. The boundary conditions that
velocity potential has to be satisfied are

@/ðx; y; 0Þ
@z

¼ x2

g
/ x; y; 0ð Þ on free surface ð3Þ

@/ðx; y;�hÞ
@z

¼ 0 on bottom boundary ð4Þ

@/ðx; y;�dÞ
@n

¼ �ixw x; yð Þ on body boundary ð5Þ

where Eq. (3) is the free surface boundary condition, which is derived from the
linearized Bernoulli equation. Equation (4) is the boundary condition at the seabed
which expresses impermeability. Equation (5) implies that no gap exists between

Fig. 1 Schematic diagram of a pontoon type VLFS and coordinate system
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the plate and the water-free surface. And w is the vertical complex displacement of
the plate, g is the gravitational acceleration and n is the unit normal vector pointing
from the fluid domain into the body. The wave velocity potential must also satisfy
the Sommerfeld radiation condition

lim
xj j!1

ffiffiffiffiffi
xj j

p @

@ xj j � ik

� �
/� /Ið Þ ¼ 0 on far field ð6Þ

where x represents the artificial fluid boundary at infinity, k is the wave number, and
/I is the undisturbed incident wave.

2.2 Deformation of Megafloat

To analyze the deformations of the Mega-Float Modal Expansion method is
adapted as detailed in Newman [7]. Here, the coupled equation of motion is
decoupled into hydrodynamic problem in terms of the velocity potential and
structural problem of a freely vibrating plate with free edges. The deflection of the
plate can be expressed by the superposition of the different vibration modes as

wðx; yÞ ¼
Xn
i

fiwiðx; yÞ ð7Þ

where fi is the amplitude of the i-th mode of vibration of plate, and n is the number
of modes. The complex equation of motion in frequency domain can be represented
by

�x2½M þMw� þ ix Cw½ � þ ½Ks þ Kw�
� �

wf g ¼ Ff g ð8Þ

where [Ks ], [Kw], [M], [Mw], [Cw] are the global flexural stiffness matrix, global
restoring force matrix, global mass matrix, global added mass matrix and global
added damping matrix, respectively and {F} is the excitation force contributed by
incident and scattered wave.

3 Numerical Modeling

A pontoon type VLFS i.e. a rectangular box is considered for the analysis. The
structure is completely closed. The specification of the Mega-float is provided in
Table 1.
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3.1 Structural Modeling

The floating structure has been modeled using SAP2000 software package. The
modeled structure is shown in Fig. 2. The box consists of six flat plates: the top
deck and the bottom hull, the two sides, and the bow and stern plates made of steel.
And these steel plates are having a nominal thickness of 35 mm. To account for the
additional bending stiffness associated with stiffeners that are not modeled, the plate
thickness is increased by 0.25 m for top and bottom plates. The mass density of
steel is taken as 7,850 kg/m3, and the structural mass is based on the nominal steel
volume given the 35 mm plate thickness. To model the non-structural mass, the top
and bottom plates are assigned an additional mass density of 81,950 kg/m3 and
structural damping is not considered in the dynamic analysis.

3.2 Hydrodynamic Modeling

Structural modeling data has been imported from SAP2000 to HYDRAN software
package. HYDRAN is a three dimensional hydro-elastic code which uses panel

Table 1 Specification of the
barge Quantity Dimension

Length (m) 1,000

Beam (m) 60

Depth (m) 8

Draft (m) 5

Vertical bending stiffness (EIy, Nm
2) 1.507228 × 1013

Horizontal bending stiffness (EIz, Nm
2) 4.269084 × 1014

Torsion stiffness (GIt, Nm
2) 1.668054 × 1014

Young’s modulus (E, Gpa) 210

Mass of per unit length (kg/m) 3.075000 × 105

Fig. 2 Structural model
of the mega-float using
SAP2000
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method for the hydrodynamic calculations. A one-to-one mapping between struc-
tural elements and fluid panels is used in HYDRAN, which uses a 3-D, shell finite
element model. The basic element is a 3-node, flat, triangular element that uses
shear-deformable Mindlin plate theory for the out-of-plane bending and a constant
strain formulation for the in-plane behavior. The hydrodynamic analysis is based on
linear potential theory. The Green function method with constant source strengths
over each fluid panel is used to solve the hydrodynamic variables, Riggs et al. [8].

3.3 Convergence Study

Vertical displacement Response Amplitude Operators (RAOs) along the centre line
of the structure at salient points along the length of the structure are obtained for a
wave period whose wave length (λ) is equal to the length of the structure (L) and for
unit wave height. RAO is defined as ratio of structural response to wave height in
general. Three different mesh sizes are considered for the convergence study.
Rectangular shell elements were used for meshing. The dimensions of the meshes
are given in the Table 2.

Table 2 Specification of the mesh convergence study

No Type of
mesh

Number of elements in
each plane

xy yz xz Total elements

1 Coarse 40 × 20 20 × 4 40 × 4 2 × 1,040 = 2,080

2 Medium 100 × 20 20 × 8 100 × 8 2 × 2,960 = 5,920

3 Finer 200 × 20 20 × 8 200 × 8 2 × 5,760 = 11,520

Fig. 3 Displacement along
the centre line of the structure
when (λ = L)
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The distribution of vertical displacement along the centre line of the structure for
three different meshes is shown in Fig. 3 in terms of RAOs. From this plot, for
better computational efficiency medium type mesh has been adopted for further
analysis.

4 Results and Discussion

4.1 Natural Periods and Modes

A subset of the dry normal modes is used to form a reduced basis to determine the
wave induced motion of the Mega-Float, Riggs et al. [8]. The first six modes
correspond to surge, sway, heave, roll, pitch, and yaw, respectively, and of course,
the corresponding natural frequencies are zero, so they are not included in the
Table 3. These modes, together with the next 12 deformational modes, are used to
form the reduced basis. The natural periods and a description of the modes are
given in Table 3. The modes are similar to mode shapes of a free-free beam,
although they are more complicated than simple beam modes.

4.2 Wave Induced Responses

The wave-induced response of the structure are determined for wave periods
ranging from 2 to 40 s and for wave angles of 0°, 30°, 60° and 90°. The water depth
considered at site is 20 m and wave height is 1 m. The variation of vertical
displacement at the bow, midship and stern of the structure for different wave
periods is shown in Fig. 4 in terms of RAOs.

Table 3 Natural periods and
modes Mode no. Natural period (s) Description

7 40.554 Vertical bending 1

8 14.856 Vertical bending 2

9 9.322 Horizontal bending 1

10 7.691 Vertical bending 3

11 4.746 Vertical bending 4

12 4.523 Torsion 1

13 3.473 Horizontal bending 2

14 3.256 Vertical bending 5

15 2.397 Vertical bending 6

16 2.274 Torsion 2

17 1.857 Vertical bending 7

18 1.837 Horizontal bending 3
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From this figure it is observed that that the edges of the structure (bow and stern)
are found to have larger vertical displacement than that of the mid-ship vertical
displacement. Vertical displacements at edges of the structure are found to be
70–80 % more than the mid-ship. Also the vertical displacements of the structure
are prominent at higher wave periods or wave lengths.

The vertical displacement RAOs are compared for different wave angle of
incidence at the midship of the structure and shown in Fig. 5. The vertical
displacements at the midship are negligible for lower wave periods and vertical
displacements increases as the angle of attack increases from 0° to 90°.

Fig. 4 Comparison of
vertical displacement RAO
for 0° wave angle

Fig. 5 Variation of vertical
displacement RAO with wave
angle
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The variation of vertical displacement on the top plate with change in λ/L ratio is
shown in Fig. 6, where λ is the wave length and L is length of the structure. It is
observed that the responses of the structure along the longitudinal centerline
increases with increase λ/L ratio (i.e. increase in wave period). The variation in
response of the structure with λ/L shows that at lower period vertical displacements
at center portion of the structure is negligible compared to the edges.

The behavior of the structure with variation of stiffnesses is analyzed assuming
two different materials. Steel and Aluminum are considered for this study, where
steel is having more stiffness than aluminium. The vertical displacement along the
longitudinal length of the structure is compared and is shown in Fig. 7. It shows

Fig. 6 Variation of vertical
displacement RAO with
change in λ/L ratio

Fig. 7 Variation of vertical
displacement for steel and
aluminium
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that as the flexural rigidity decreases the vertical deflections increases for the
Mega-float. The variation in vertical displacement is found to be higher at interior
portion of the structure.

Longitudinal stresses for unit wave height are compared at bow, midship, and
stern of the Mega-Float modeled with steel material. The stresses were obtained for
0° wave angle and are shown in Fig. 8. The peak near 2 s in the longitudinal stress
coincides with the natural period of the structure. The stress is found to be less than
10 MPa for wave periods less than 17 s. The longitudinal stresses are found to be
higher at midship of the Mega-Float compared to stern and bow.

5 Summary and Conclusions

A pontoon type VLFS or Mega-Float was analyzed using HYDRAN software and
following conclusions were made for unit wave height excitation:

• Vertical displacements at edges of the structure were found to be 70–80 %
higher than the midship section.

• Vertical displacements at the midship are negligible for lower wave periods and
vertical displacements increases as the angle of attack increases from 0° to 90°.

• The responses of the structure along the longitudinal centerline increases with
increase in the ratio of wavelength to structure length.

• With the variation in flexural rigidity the difference in vertical displacement is
found to be higher at interior portion of the structure compared to the edges.

• The longitudinal stresses are found to be higher at midship compared to bow and
stern of the mega-float.

Fig. 8 Comparison of
longitudinal stresses for
0° wave angle
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Coupled Acoustic-Structure Interaction
in Cylindrical Liquid Storage Tank
Subjected to Bi-directional Excitation

Aruna Rawat, Vasant Matsagar and A.K. Nagpal

Abstract Seismic response of ground-supported cylindrical liquid storage tank
subjected to uni-directional harmonic base excitation and bi-directional components
of earthquake is investigated using coupled acoustic-structure interaction approach.
Finite element (FE) modeling of the liquid storage tank is carried out to evaluate
sloshing displacement and base shear responses. Further, the seismic responses
evaluated using the coupled acoustic-structure interaction approach are compared
with that obtained using lumped mass (LM) model. The responses computed using
the coupled acoustic-structure interaction analysis and the lumped mass model for
estimating sloshing displacement and base shear are in good agreement.

Keywords Acoustic-structure interaction � Bi-directional earthquake � Finite
element � Sloshing

1 Introduction

Liquid storage tanks are one of the lifeline structures used in water supply facilities,
fire-fighting system, different industries, nuclear reactors for storage of various
forms of liquid. Failure of these liquid storage tanks were reported in past earth-
quake events in the form of compression stresses due to buckling of tank wall,
elephant foot buckling at the bottom of tank wall, sliding of the base, uplifting of
base, sloshing of liquid causing damage to the roof and the top of the tank wall,
failure of piping systems etc.
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There are numerous studies carried out on the seismic response of liquid storage
tanks. Housner [1, 2] developed analytical model for fixed ground-supported
cylindrical tank having rigid wall, using lumped mass approach with two degree-of-
freedom. Convective and impulsive components of liquid vibration inside tank
were considered. Veletsos [3] investigated flexible anchored tank and found that
hydrodynamic pressure is dependent on the flexibility of the tank wall. Haroun and
Housner [4] developed a three-mass model of ground-supported cylindrical liquid
storage tank having flexible tank walls. Haroun [5] developed design charts to
estimate the three lumped mass model and also carried out experiments of full-scale
water storage tanks. Haroun and Tayal [6] used finite element method (FEM) for
analyzing dynamic response of tanks. Simple procedure was developed for seismic
analysis of liquid storage tank by Malhotra et al. [7] considering the first impulsive
and convective modes. Virella et al. [8] investigated the dynamic response of
cylindrical tanks subjected to horizontal ground excitation using finite element
modeling in Abaqus. Mackerle [9] presented a bibliography of references based on
fluid-structure interaction (FSI) problems.

The objectives of the present study are: (i) to compare the sloshing and base
shear responses of fixed-base cylindrical liquid storage tank with lumped mass
(LM) model [4] and three-dimensional (3-D) coupled acoustic-structure finite ele-
ment (FE) model, (ii) to study the liquid storage tank behavior when it is subjected
to uni-directional harmonic base excitation and bi-directional components of
earthquake ground motions and (iii) to study seismic response of the tanks with two
different aspect ratios, i.e. height of liquid to radius of the tank. The seismic analysis
of 3-D liquid storage tank is carried out using the FE modeling in Abaqus® 6.11
[10] using coupled acoustic-structural approach, which considers the FSI.

2 Basic Governing Equations of Motion of Liquid
Storage Tanks

According to the theory of fluid dynamics, for the irrotational, inviscid, frictionless
liquid, the velocity distribution of liquid vx ¼ @/

@x ; vy ¼ @/
@y ; vz ¼ @/

@z may be repre-
sented as a gradient of the velocity potential, /ðx; y; z; tÞ, satisfies the Laplace
equation, can be written in general three-dimensional space (x, y, z) as
@/2

@x2 þ @/2

@y2 þ @/2

@z2 ¼ 0. The hydrodynamic pressure, p at any point and time is

pðx; y; z; tÞ ¼ �qL
@/
@t

ð1Þ

where qL is the mass density of the liquid and t is time. The boundary condition at
the rigid base of tank is given as @/

@z ¼ 0 at z ¼ 0, thus the liquid velocity in vertical
direction is zero. The boundary condition along fluid-structure interface is
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@pðx; y; z; tÞ
@n

¼ �qLanðx; y; z; tÞ ð2Þ

where an is the acceleration component along the direction vector for an outward
pointing normal n, to the fluid region. On the free surface, it is assumed that the
liquid forms small amplitude of wave, h, relative to the mean surface [11]. This
condition is known as linearized surface wave condition, which accounts for gravity
waves to be included in the analysis. The boundary condition at the free surface is

1
g
@2pðx; y; z; tÞ

@t2
þ @pðx; y; z; tÞ

@z
¼ 0 at z ¼ HL ð3Þ

where g is acceleration due to gravity. By applying the above boundary condition
given in Eq. (3) on the free surface of liquid, the convective pressure distribution
within the liquid can be calculated. The impulsive component of pressure distri-
bution can be obtained by replacing the boundary condition Eq. (3) at the free
surface with the condition p = 0 at z = HL.

3 Modeling of Liquid Storage Tank

3.1 Lumped Mass (LM) Model

Lumped mass model is an analytical model proposed by Haroun and Housner [4]
and is widely used for the dynamic analysis of flexible cylindrical ground-supported
liquid storage tank on a rigid base. In this model the liquid in tank is assumed as
three lumped masses as shown in Fig. 1. The top liquid which causes the sloshing
phenomenon is called as convective mass (mc), the middle portion of liquid which
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Fig. 1 Lumped mass (LM) model for fixed base cylindrical liquid storage tank [4]
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accelerates along with the tank is called as impulsive mass (mi) and the base liquid
that moves rigidly along with the tank wall is rigid mass (mr). These masses are
lumped at the heights Hc, Hi and Hr respectively from bottom of the tank. The
effective masses in terms of liquid mass of cylindrical tank are given in graphical
form in Haroun [5] and in mathematical form by Shrimali and Jangid [12]. The
maximum sloshing displacement of liquid surface as given by [5, 13] is

hL ¼ 0:837
RAc

g
ð4Þ

where Ac ¼ x2
cxc is convective pseudo-acceleration, R is the radius of tank and xc

natural frequency of convective mass.

3.2 Finite Element Model

Morand and Ohyan [14] and Wang and Bathe [15] used acoustic-structure inter-
action problems, in which fluid was modeled using acoustic element. In the present
study the coupled acoustic-structure interaction is investigated using finite element
method. Boundary impedance condition is used in FE model defined for the free
surface of acoustic medium in order to model the sloshing behavior, taking into
consideration the linearized wave condition. The impedance boundary condition at
any point along an acoustic medium is

_uout ¼ 1
k1

_pþ 1
c1

p ð5Þ

where _uout is the acoustic particle velocity in the outward normal direction of the
acoustic medium surface, p is the acoustic pressure, _p is the time rate of change of
the acoustic pressure, 1=k1 ¼ 1= qLgð Þ is the proportionality coefficient between the
pressure and the displacement in the normal direction to the surface, and 1=c1 is the
proportionality coefficient between the pressure and the velocity in normal direction
to the surface [10]. The parameter qL is the density of the liquid and g is the
gravitational acceleration directed normal to the surface. By applying the above
boundary condition sloshing or convective pressure distribution within the fluid
domain can be obtained. And if only the impulsive component of the fluid response
is to be obtained then above boundary condition at free surface of fluid is to be
replaced by zero pressure condition.

In coupled acoustic-structure FE model, the liquid is modeled using eight-node
three-dimensional continuum acoustic AC3D8R elements with reduced integration
and hourglass control. The tank walls are modeled with four-node quadrilateral and
triangular three-dimensional shell S4R and S3R element with reduced integration
and hourglass control, respectively as shown in Fig. 2. The tank base is modeled
using discrete rigid four-node and three-node R3D4 and R3D3 elements,
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respectively. The interaction between the tank walls and the acoustic medium is
defined using a surface-based tie constraint which allows both the surfaces to
remain in contact throughout the simulation process [10]. The earthquake ground
motion is applied at the base of the tank in the form of acceleration boundary
condition. An acoustic element has only pressure degree of freedom at each node.
The acoustic pressure is calculated at the top surface of the liquid and the corre-
sponding sloshing wave height h is obtained by p = ρLgh.

4 Numerical Study

In the present study, ground-supported cylindrical tanks are investigated under uni-
directional harmonic base excitations for validation and bi-directional components
of three different earthquake ground motions. The tank wall is made up of steel
having density, ρs = 7,900 kg/m3, modulus of elasticity, Es = 200 GPa and Pois-
son’s ratio, µ = 0.3. The liquid in tank is water having density ρw = 1,000 kg/m3 and
bulk modulus, K = 2,250 MPa. The broad and slender tanks with aspect ratio, i.e.
height of liquid in tank to radius of tank (S = HL/R), 0.6 and 1.85, respectively are
used for the present study. The height of liquid in tank (HL) is 14.3 and 11.3 m in
broad and slender tanks, respectively. The thickness of tank walls is 0.0973 and
0.0244 m for broad and slender tanks, respectively. The damping ratio 2 % for tank
and 0.5 % for liquid, respectively are adopted in the present study.

)retaw(diuiLknaT

LH

R2

liquid

tank

Tank

H

2R

L

Liquid (water)

SR4, 1142 elements 
SR3, 11 elements 

AC3D8R, 
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AC3D8R, 
15456 elements 

SR4, 604 elements

SR3, 06 elementsSlender

Broad

Fig. 2 Coupled acoustic-structure FE model for 3-D cylindrical liquid storage tank
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4.1 Response of Cylindrical Tank to Harmonic
Ground Motions

In the present section, both the broad and slender tanks are subjected to uni-
directional harmonic ground motion, xg

:: ¼ aoeixt where ao and x are the amplitude
and excitation frequencies, respectively. Amplitude in the range of 0.225–0.375 g
and excitation frequency in the range of 1–3 Hz are considered for the study. The
mesh convergence study is carried out for FE model and the smallest size in mesh is
adopted as 0.09 m.

Figure 3 shows the time history responses of sloshing displacement for broad
and slender tanks for FE and LM models. Fourier spectrum of sloshing height in
broad tank is shown in Fig. 4. The peak values of the base shear and sloshing
displacement of both the tanks using FE model are shown in Table 1 and are
compared with the LM model. It is observed from the table that the base shear and
sloshing displacement increases with an increase in the peak ground acceleration
(PGA).
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Fig. 3 Sloshing response of broad and slender tanks subjected to harmonic base excitations
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Fig. 4 Fourier spectrum of sloshing height of broad tank subjected to harmonic base excitations

Table 1 Maximum sloshing height and base shear for tank under harmonic base excitations

Aspect
ratio
(HL/R)

PGA
(g)

Excitation
frequency
(Hz)

Maximum sloshing
height (cm)

Maximum base
shear (MN)

LM
model

FE
model

LM
model

FE
model

0.6 0.225 1 62.41 78.74 50.57 51.22

2 29.40 36.98 57.38 60.29

3 19.09 23.42 106.69 119.10

0.3 1 83.21 104.02 68.3 74.17

2 39.20 49.31 80.33 80.39

3 25.46 31.23 110.96 113.43

0.375 1 104.01 131.23 85.37 91.35

2 49.00 61.64 100.42 101.69

3 31.83 39.04 177.81 198.50

1.8 0.225 1 41.91 56.20 4.62 4.88

2 17.94 18.54 5.34 5.49

3 11.31 11.33 5.69 6.11

0.3 1 55.89 74.94 6.15 6.51

2 23.93 24.72 7.12 7.33

3 15.08 15.11 7.59 7.96

0.375 1 69.86 93.68 7.69 8.13

2 29.91 30.90 8.90 9.35

3 18.85 18.89 9.49 9.97
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4.2 Response to Bi-directional Components of Earthquake
Ground Motions

The ground-supported cylindrical tanks are studied for bi-directional components of
earthquake ground motion. The earthquake motion selected for the present study
are Imperial Valley earthquake of 1940 California recorded at El Centro station,
Kobe earthquake of 1995 recorded at Japan Meteorological Agency (JMA) station,
Northridge earthquake of 1994 recorded at Sylmar station. The two components of
peak ground acceleration (PGA) of Imperial Valley earthquake are 0.348 g and
0.214 g, Kobe earthquake are 0.834 g and 0.629 g and Northridge earthquake are
0.842 g and 0.604 g, respectively.

The acoustic pressure field variable are measured at the two extreme nodes from
the centre of the tank in both x-direction (θ = 0°) and y-direction (θ = 90°) and the
corresponding sloshing displacements are determined. Figure 5 shows the sloshing
displacement time history responses for broad and slender tanks obtained by FE
model and compared with LM model in both x-direction (θ = 0°) and y-direction
(θ = 90°). The sloshing amplitude is more in case of Northridge earthquake in
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Fig. 5 Sloshing response in x-direction (θ = 0°) and y-direction (θ = 90°) of broad and slender
tanks under bi-directional components of earthquake motions
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x-direction due to higher PGA. Table 2 summaries the maximum values of sloshing
displacements for broad and slender tanks using FE and LM models. The plot
shows the sloshing height in FE model are more by 15–20 % (average) than LM
model. The FE model results into higher amplitude of sloshing displacement
because it is based on real condition while in the LM model, the sloshing dis-
placement is calculated from the horizontal displacement of convective mass
considering its first convective mode only as given in Eq. (4).

Table 2 Maximum sloshing height for tank subjected to bi-directional components of earthquake
ground motion

Aspect
ratio
(HL/R)

Earthquake
ground motion

Along x-axis (θ = 0o) Along y-axis (θ = 90o)

LM
model
(cm)

FE
model
(cm)

LM
model
(cm)

FE
model
(cm)

0.6 Imperial Valley,
1940

52.21 61.20 65.54 75.62

Kobe, 1995 29.35 37.05 37.63 52.18

Northridge, 1994 57.96 65.58 24.92 36.85

1.8 Imperial Valley,
1940

34.96 41.88 64.11 66.91

Kobe, 1995 59.68 73.96 78.40 95.46

Northridge, 1994 106.11 119.50 79.16 93.51
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Fig. 6 Base shear time history responses in x-direction (θ = 0°) and y-direction (θ = 90°) for broad
tank subjected to bi-directional components of earthquake ground motion using FE model
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The base shear time history responses are shown in Fig. 6 for broad and Fig. 7
for slender tanks using FE model. The base shear values are less in case of slender
tank in comparison to the broad tank. The impulsive hydrodynamic pressure has
maximum value at the base of the tank and is the major contribution to the base
shear occurring in the tank wall in comparison to the convective component. The
maximum impulsive component and convective components of base shear in x- and
y-directions are summarised in Tables 3 and 4, respectively. The FE model base
shear is more by 4–6 % (average) than the LM model.
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Fig. 7 Base shear time history responses in x- (θ = 0°) and y-directions (θ = 90°) for slender tank
subjected to bi-directional components of earthquake ground motion using FE model

Table 3 Maximum impulsive component of base shear for tanks subjected to bi-directional
components of earthquake ground motion

Aspect ratio
(HL/R)

Earthquake
ground motion

Along x-axis (θ = 0o) Along y-axis (θ = 90o)

LM model
(MN)

FE model
(MN)

LM model
(MN)

FE model
(MN)

0.6 Imperial Valley,
1940

126 127.08 95 96.05

Kobe, 1995 256 258.32 171 173.21

Northridge, 1994 273 274.92 144 145.43

1.8 Imperial Valley,
1940

11.57 12.41 6.53 7.04

Kobe, 1995 20.21 21.34 14.07 15.62

Northridge, 1994 17.42 19.03 12.78 14.47
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5 Conclusions

The simulation of ground-supported cylindrical liquid storage tanks subjected to
uni-directional harmonic base excitations and bi-directional components of earth-
quake ground motion using coupled acoustic-structure interaction is performed
herein and results are compared with lumped mass formulation results. A coupled
acoustic-structure finite model has been developed for seismic analysis of ground-
supported liquid storage tanks. The model accounts for convective and impulsive
components by using appropriate boundary conditions at the top liquid surface. The
difference in FE and LM models for maximum sloshing displacement is about
15–20 % (average) and for base shear it is 4–6 % (average). The difference in FE
and LM models in sloshing response is due to the assumption that in LM model
only the first convective mode has been considered in the analysis.
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Behaviour of Elevated Water Storage
Tanks Under Seismic Events

M.V. Waghmare, S.N. Madhekar and Vasant Matsagar

Abstract Liquid storage tanks are lifeline structures and strategically very
important. Water tanks, in particular are important to the continued operation of
water distribution system in the event of earthquakes. Most of the failures of large
tanks after earthquakes are suspected to have resulted from the dynamic buckling
caused by overturning moments of seismically induced liquid inertia and surface
slosh waves. Recent earthquakes have shown that liquid storage tanks are found to
be vulnerable to damage. The dynamic behaviour of liquid containing structures
cannot be estimated by the same approach as for normal building structure as the
weight of storage tanks varies in time because of variable liquid storage level. Also
there exists sloshing of liquid which influences the response of the tank. Current
knowledge about the behaviour of liquid storage tank is extensive, but many of the
analytical and theoretical results are for tanks ground supported and open tanks.
Therefore, appropriate modeling of the liquid storage tanks is essential for dynamic
analysis and seismic response evaluation. In most of the research works, the liquid
storage tank has been modeled using two mass model or three mass model concepts.
The major difference of these two models is the number of lumped masses into
which the liquid column is divided. The two-mass model is convenient for designers
to use due to ease but the three-mass model predicts the seismic response more
accurately. The objective of the study is to investigate the uncontrolled response of
Steel and Reinforced Cement Concrete (RCC) Elevated Water reservoirs of different
aspect ratio S = H/R (height of the container to its radius) and subjected to different
strong ground motion earthquakes. The simulation of water tank using three-mass
model concept is carried out throughMATLAB. The paper deals with two H/R ratios
viz. 0.6 and 1.85. The governing equations of motion are solved by State Space
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Method. In the first phase, the response of the tanks to different real earthquake
ground excitations is investigated using simplified three mass model of the tank. In
the second phase, characteristics of earthquakes are varied and emphasis is given to
study their effect on response of the tanks. The response quantities such as sloshing
displacement, impulsive displacement, tower displacement and base shear are
measured by varying the characteristics of earthquake time history. It is observed
that the sloshing displacement is highly influenced by the characteristics of the time
history compared to other response quantities.

Keywords Earthquake � Seismic events � Sloshing � State space � Tank

1 Introduction

In dynamic analysis of structures most often it is assumed that the response of the
structure depends upon the magnitude of the earthquake and its peak ground
acceleration (PGA). However studies show that the seismic hazard depends upon
characteristics of acceleration time history of the particular earthquake. Studies by
researchers Anderson and Bertero [1], Uang and Bertero [2], and Bertero et al. [3],
JP Singh and Associates, Richmond, California [4], have shown that earthquake
ground motion attributes such as frequency content, duration, velocity, displace-
ment, incremental velocity, and incremental displacement can have profound effects
on the structural response than the peak ground acceleration. Shoji et al. [5],
claimed that among various indices of earthquake ground motions, the maximum
amplitude value and frequency content are considered as the most important indices
for earthquake engineering. Though rigourous work on multi-storeyed building or
ground supported tanks Kianoush and Ghaemmaghami [6], and Shekari et al. [7] is
carried out in this area, such work has not been performed and reported in the
literature for elevated water reservoir, Jacobsen [8], Epstein [9], Barton and Parker
[10], Chen et al. [11], Liu and Schubert [12], Shrimali and Jangid [13], Livaoglu
and Dogangun [14], Omidinasab and Shakib [15], Ozdemir et al. [16]. Moslemi
et al. [17], and Zhang et al. [18]. Due to their special dynamic characteristic, the
seismic behaviour of the elevated liquid storage tank is highly complex. Therefore it
is interesting to study the effect of characteristics of ground motion on behaviour of
RCC and steel elevated water tank.

2 Modeling of Water Tank

In the present study two types of elevated tank materials viz. steel and concrete are
considered with aspect ratio S = H/R ratios as 0.6 and 1.85. The tank is modeled as
3 DOF system viz. sloshing displacements (d1), impulsive displacements (d2) and
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rigid mass displacement or tower drift (d3). MATLAB code has been written for
State Space method to find out the response quantities.

For obtaining the mathematical model of elevated water tank spring mass model
for seismic analysis of tanks is considered to take into account fluid structure
interaction. In order to include the effect of hydrodynamic pressure in the analysis,
tank can be idealized by an equivalent spring mass model, which includes the effect
of tank wall-liquid interaction. The sloshing, impulsive and rigid lumped masses are
denoted by mc, mi and mr, respectively. The convective and impulsive masses are
connected to the tank wall by corresponding equivalent spring having stiffness kc
and ki, respectively. The damping constant of the convective and impulsive masses
are cc and ci, respectively. The tank has three-degrees of-freedom under unidirec-
tional excitation are viz. d1, d2 and d3 which denote the absolute displacements of
convective mass, impulsive mass and tower, respectively. Mathematical model
suggested by Shrimali and Jangid [13] is used to study and validate the response.
The schematic diagram of the elevated liquid storage tank is shown in Fig. 1.

The equations of motion of elevated liquid storage tank subjected to unidirec-
tional earthquake ground motion are expressed in the matrix form as

m½ � ¼
mc 0 mc

0 mi mi

mc mi M þ mb

2
4

3
5 ð1Þ

c½ � ¼ diag cc; ci; ct½ � ð2Þ

Fig. 1 Elevation of model of
elevated water tank, Shrimali
and Jangid [13]
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k½ � ¼ diag kc; ki; kt½ � ð3Þ

rf g ¼ 0; 0; 1f gT ð4Þ

where M = mc + mi + mr is the effective mass of tank and mb (mass of the tower) is
equal to 0.05 m. The stiffness, kt and damping, ct of the tower structure based on the
assumption of simple single-degree-of-freedom system are defined as

kt ¼ 2p
Tt

� �2

M þ 0:05 mð Þ ð5Þ

ct ¼ 2ntðMþ 0:05Þxt ð6Þ

where Tt and ξt are time period and damping ratio of the tower structure [13]

3 Problem Formulation and Numerical Validation

In the first phase the tanks are subjected to time history records of five earthquakes
viz. Chi–Chi (1999), Northridge (1994), El-Centro (1940), Kobe (1995), North
Palm Spring (1986). In the second phase, the response is studied by considering 80,
90, 100, 110 and 120 % of the acceleration of the real earthquake ground motion.
The tanks considered are cylindrical in shape and effective masses and stiffness are
computed using Haroun’s model [19]. For comparative studies the properties of
these tanks are given in Table 1. The tank is considered as filled to a height H with
water. The damping ratio for the convective mass and the impulsive mass is taken
as 0.5 and 2 %, respectively. For the tanks with steel wall the modulus of elasticity
is taken as E = 200 MPa and the mass density, ρs = 7,900 kg/m3, time period of
tower is taken as Ts = 0.5 s. The results are validated with those of the Shrimali and
Jangid [13].

Table 1 Properties of the
tank Material of

tank
Type of
tank

S = H/
R

ωc

(Hz)
ωi

(Hz)

Steel Broad 0.6 0.123 3.944

Slender 1.85 0.273 5.963

RCC Broad 0.6 0.123 2.48

Slender 1.85 0.273 3.75
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4 Characteristics of Earthquakes

For the present study five earthquakes viz. Chi–Chi (1999), Northridge (1994), El-
Centro (1940), Kobe (1995), North Palm Spring (1986) are considered. Fast Fourier
transform (FFT) is carried out on the time history of the earthquakes to get the
frequency contents of the particular earthquake. The characteristics of these
earthquakes are tabulated in Table 2 and are shown in Fig. 2 for Chi–Chi
Earthquake.

Table 2 Characteristics of earthquakes

Earthquake Date Name of
the fault

Magnitude
on Richter
scale

Number of
frequency
content
(−0.12 to
0.12 Hz)

Number of
frequency
content
(−0.28 to
0.28 Hz)

Chi–Chi 21 September
1999

Chelungpu
fault

7.6 24 52

Northridge 17 January
1994

San Andreas
or blind
thrust fault

6.9 16 34

El-Centro 19 May 1940 – 7.1 14 30

Kobe 16 January
1995

– 6.9 40 86

North Palm
Spring

8 July 1986 Banning fault
or Garnet Hill
fault

6.1 06 12

Fig. 2 FFT analysis—
frequency–amplitude
variation for Chi–Chi
Earthquake
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5 Response of the Water Tank

After time history analysis root mean square (RMS) displacements of all masses
viz. convective mass (mc), impulsive mass (mi) and mass of tower (mr) are noted
and presented. Response of the water tank to all earthquakes is studied by changing
the percentage of acceleration of time history records as 80, 90, 100, 110 and
120 %. The results of the time history analysis for response quantities such as RMS
Displacements are presented through Fig. 3 for RCC tank with S = 0.6, Fig. 4 for
Steel tank with S = 0.6. Figure 5 show the RMS displacements of RCC and steel
tank with S = 1.85. Normalized Base shear are presented in Fig. 6.

The results clearly show that the response quantities viz. convective displace-
ments (d1), impulsive displacements (d2), tower drift (d3) and base shear are directly
proportional to the percentage of acceleration. It is very interesting to note that
frequency content of the earthquakes have played major role in the response. From
Figs. 3 and 4, for broad tank it is observed that as for RCC tank sloshing frequency
and impulsive frequency is 0.123 and 2.48 Hz respectively, resonance for con-
vective (d1) and impulsive displacement (d2) has occurred in case of Chi–Chi
earthquake which contains more number of low frequencies falling in this range.
However for tower, resonance has occurred under Northridge earthquake which has
comparatively more number of frequencies nearer to the natural frequency of the

Fig. 3 RMS displacements for RCC tank with S = 0.6, a d1 displacements, b d2 displacements,
c d3 displacements

1172 M.V. Waghmare et al.



Fig. 4 RMS displacements for steel tank with S = 0.6

Fig. 5 RMS displacements for RCC and steel tank with S = 1.85
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tower than the other earthquakes. From Fig. 4, for broad steel tank with natural
frequencies 0.123 and 3.94 Hz resonance is observed under the Kobe Earthquake
for (d1) and (d3) displacement however RMS values for impulsive displacement
(d2) is zero. For slender tank with S = 1.85 it is seen from the results that only RMS
Convective displacements (d1) and tower drift (d3) were observed for both RCC and
steel elevated tank while RMS impulsive (d2) displacements were absent. From
Fig. 5, for slender RCC and steel tank resonance for sloshing displacement was
observed under Kobe earthquake. Hence it is seen that aspect ratio ‘S’ plays a
significant role in the analysis of the elevated tanks. It is interesting to note that for
towers in most of the cases resonance has occurred under Chi–Chi earthquake
except for broad RCC tank Therefore it is concluded that apart from aspect ratio
material properties are also important in estimating the response of the elevated
tanks subjected to seismic events.As resonance for convective displacement (d1)
has occurred during different earthquakes viz. Chi–Chi earthquake and Kobe
earthquake it is observed that the sloshing displacement is highly influenced by the
characteristics of the time history compared to other response quantities.

From Fig. 6 it is observed that base shear depends upon the amplitude, magnitude
and on number of times the maximum amplitude frequencies hits the surface.
Therefore, though in many of the above discussed cases resonance has occurred
during Chi–Chi earthquake, as far as base shear is concerned Kobe earthquake gov-
erns the base shear of RCC as well as steel water tanks except the slender steel tank.

Fig. 6 Normalized base shear for RCC and steel tank with S = 0.6 and S = 1.85
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6 Conclusion

The following observations are based on the results presented in this paper

1. As the percentage of the earthquake considered increases or decreases the
response quantities also increase or decrease.

2. Apart from frequency content material properties are also important for response
of elevated water tank under seismic events.

3. It is observed that Base shear depends upon the amplitude, magnitude and on
number of times the maximum amplitude frequencies hits the surface.

4. The dynamic behaviour of liquid containing structures cannot be estimated by
the same approach as for normal building structure as the weight of storage
tanks varies in time because of variable liquid storage level also there exists
sloshing of liquid which influences the response of the tank.

5. In broad RCC tanks the total mass was divided into three parts giving response
quantities viz. convective displacement, impulsive displacement and tower drift.
However such response is not observed in case of broad steel tank and slender
RCC and steel tanks.

6. Sloshing displacement is highly influenced by the characteristics of the time
history compared to other response quantities.
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Assessing Seismic Base Isolation Systems
for Liquid Storage Tanks using Fragility
Analysis

Sandip Kumar Saha, Vasant Matsagar and Arvind K. Jain

Abstract Liquid storage tanks are essential component of petroleum industries,
thermal power plants, chemical factories and numerous other important industries
along with civil society. Herein, seismic fragility of base-isolated liquid storage
tank is evaluated to assess the performance of various base isolation systems in
enhancing the seismic protection. The liquid storage tank is modeled using lumped
mass mechanical analog. Failure of the liquid storage tank is defined in terms of
buckling of the tank wall in elastic range. The maximum displacement at isolation
level is also considered in the failure criteria. The equations of motion are solved
using Newmark’s method to obtain the peak response quantities of the base-isolated
liquid storage tank. Two different configurations, i.e. broad and slender, of the base-
isolated liquid storage tanks are chosen for the comparison. Monte Carlo (MC)
simulation is used to obtain the probability of failure (pf) at different seismic
intensity level. The probability of failure for the slender tank is observed more as
compared to the broad tank. The seismic fragility of the base-isolated liquid storage
tanks is evaluated considering the randomness in the earthquake ground motion.
Seismic performance of fixed-base tanks are compared with the base-isolated tanks
in terms of the probability of failure. It is observed that the base isolation enhances
the seismic performance of the liquid storage tanks irrespective of the type of
isolation system. However, enhancement in the seismic performance of the liquid
storage tanks varies significantly for different isolation systems considered in the
present study.

Keywords Base isolation � Earthquake � Fragility analysis � Monte Carlo
simulation � Non-stationary earthquake � Tank

S.K. Saha (&) � V. Matsagar � A.K. Jain
Department of Civil Engineering, Indian Institute of Technology (IIT) Delhi,
Hauz Khas, New Delhi 110016, India
e-mail: sandipksh@civil.iitd.ac.in

© Springer India 2015
V. Matsagar (ed.), Advances in Structural Engineering,
DOI 10.1007/978-81-322-2193-7_92

1177



1 Introduction

Importance of liquid storage tanks are enormous for several industries such as
petroleum, power, chemical, food processing etc., along with civil society. Failure
of such a lifeline structures during earthquakes may severely hinder the rescue and
rehabilitation operation due to unavailability of power, water, and other basic needs.
Various seismic base isolation systems were proposed during last few decades to
protect strategically important and lifeline structures against devastating earth-
quakes around the world [1, 2, 5, 9, 10]. Shrimali and Jangid [16] compared the
performance of elastomeric and sliding isolation systems to safeguard the liquid
storage tanks against large earthquakes. Later, Seleemah and El-Sharkawy [15]
compared the effectiveness of high damping rubber bearing (HDRB), lead-rubber
bearing(New Zealand–NZ system) and friction pendulum system (FPS) as the base
isolation systems for the liquid storage tanks. However, performance of other
isolation systems, which consist of both the elastomeric and sliding components,
such as resilient friction base isolator (RFBI) and Electric de France (EDF) system
are not reported earlier for base isolation of liquid storage tank. Moreover, all the
earlier studies, on the comparison of base isolation systems for liquid storage tank,
were carried out considering the deterministic peak response quantities under few
recorded earthquake ground motions. Nevertheless, performance of base isolation
systems may vary with the randomness in the peak ground acceleration (PGA),
frequency content, and duration of the earthquakes. Therefore, the effectiveness of
the various isolation systems is required to be established considering the ran-
domness in the earthquake excitation. Herein, performance of six different types of
base isolation systems, namely (i) laminated rubber bearing (LRB), (ii) lead-rubber
bearing (NZ system), (iii) pure friction (PF) system, (iv) friction pendulum system
(FPS), (v) resilient friction base isolator (RFBI) and (vi) Electric de France (EDF)
system, are assessed through development of seismic fragility curves for the base-
isolated liquid storage tanks

2 Governing Equations of Motion for Base-Isolated Liquid
Storage Tank

The mechanical analog proposed by Haroun and Housner [4] for liquid storage tank
with flexible wall is adopted here. Figure 1 shows a schematic diagram of the base-
isolated liquid storage tank with the three lumped masses and other parameters. The
sloshing or convectivemass (mc), acting at a height ofHc, is considered to be in contact
with the tankwall through a spring of stiffness, kc. The impulsivemass (mi), acting at a
height of Hi, is considered to be in contact with the tank wall through a spring of
stiffness, ki. The rigid mass (mr), acting at a height of Hr, is considered to be rigidly
connected with the tank wall. The damping for sloshing component (ξc) is taken as
0.5 %, and that for impulsive component (ξi) as 2 % of the critical damping [3].
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Here, the sloshing and impulsive damping coefficients are denoted by cc and ci,
respectively. The lumped masses (mc,mi andmr) are computed from the total mass of
the liquid column ¼ pqwR

2Hð Þ, neglecting the mass of the tank wall; here H and
R denote the liquid column height and radius, respectively and ρw is the liquid mass
density. The tank wall weight is ignored, as it is less than 5 % of the total weight. The
coupled equations ofmotion under, uni-directional earthquake excitation is expressed
as follows for,

Sloshing mass : mc€xc þ cc _xc þ kcxc ¼ �mc €ug þ €xb
� � ð1aÞ

Impulsive mass : mi€xi þ ci _xi þ kixi ¼ �mi €ug þ €xb
� � ð1bÞ

Rigid mass : mc€xc þ mi€xi þ Fb ¼ �Mð€ug þ €xbÞ ð1cÞ

where, xc = (uc−ub) and xi = (ui−ub) are the relative displacements of the sloshing
and impulsive masses, respectively, with respect to the isolator; xb = (ub −ug) is the
relative displacement of the isolator with respect to the ground; m, c and k are the
mass, damping and stiffness, respectively; subscripts c and i denote sloshing and
impulsive masses, respectively; Fb is the restoring force developed in the isolations
system; €ug is the uni-directional earthquake acceleration. Here, M ¼ mc þ mi þ
mr is the total dynamic mass of the base-isolated liquid storage tank; where, mr

denotes the rigid mass.
Schematic diagrams of the isolation systems considered herein are presented in

Fig. 2. The restoring force (Fb) developed in the LRB is expressed as,

Fb ¼ cb _xb þ kbxb: ð2Þ

where, cb and kb denote the damping and stiffness of the LRB, respectively. The
damping and stiffness of the LRB are generally represented in terms of the isolation

2R 

H Liquid 

Hr

Hi

Hc

Isolator

cc/2 cc/2

kc/2 kc/2

mc

 uc

ci/2 ci/2

ki/2 ki/2

mi

 ui

Flexible
Wall

mr
Rigid Rigid

 u

Fig. 1 Schematic diagram of base-isolated liquid storage tank under uni-directional earthquake
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damping ratio (ξb) and isolation time period (Tb), respectively. The restoring force
(Fb) in the NZ system is given by the following equation [18].

Fb ¼ cb _xb þ kbxb þ 1� að ÞFyZ: ð3Þ

where, α is the post-yield to pre-yield stiffness ratio and Z denotes the non-
dimensional hysteretic displacement component satisfying the following non-linear
first order differential equation.

q _Z ¼ A _xb � b _xbZj jZ � s _xbZ
2: ð4Þ

where, the constants A, β and τ define the non-linear hysteretic loop of the isolator.
The limiting frictional force (Fs) in the PF system is given by,

Fs ¼ lMg ð5Þ

xb

kb

cb

Mass

xb

kb

cb
Mass

Mass 

xb

kb

xbcb

kb

Mass Mass 

xb

kb

cb

Mass 

xb

(a) (b)

(c) (d)

(e) (f)

Fig. 2 Schematic diagrams of various isolation systems. a Laminated rubber bearing (LRB).
b Lead-rubber bearing (NZ system). c Pure friction (PF) system. d Frictional pendulum system
(FPS). e Resilient friction base isolator (RFBI), f Electric de France (EDF) system
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where, μ is the frictional coefficient and g is the gravitational acceleration. If the
frictional force (Fx) is less than the limiting frictional force (i.e. Fx < Fs), then the
system remains in non-sliding (stick) phase, and the restoring force (Fb) is given as,

Fb ¼ Fx: ð6Þ

If the frictional force is more than the limiting frictional force (i.e. Fx > Fs), then
the system remains in sliding (slip) phase. The restoring force (Fb) is given as,

Fb ¼ Fssgn _xbð Þ: ð7Þ

where, sgn _xbð Þ denotes the sign of the velocity corresponding to the isolation
system.

The restoring force developed in FPS is given as,

Fb ¼ Fx þ kbxb: ð8Þ

where, kb is the isolation stiffness provided by virtue of inward gravity action at the
concave surface and Fx is the frictional force. The system is characterized by the
isolation period (Tb) and friction coefficient (µ) of the concave surface.

The isolation restoring force developed in RFBI is given by,

Fb ¼ cb _xb þ kbxb þ Fx: ð9Þ

where, cb and kb are the isolation damping and stiffness, respectively and Fx is the
frictional force. The RFBI is characterized by three parameters, namely isolation
time period (Tb), isolation damping ratio (ξb) and the friction coefficient of sliding
surface (µ).

The force-deformation behavior of the EDF system is distinctly divided into two
phases, i.e. stick and slip. Before sliding takes place (stick phase), the restoring
force developed in the elastomeric layers is given by,

Fb ¼ cb _xb þ kbxb: ð10Þ

where, cb and kb are the isolation damping and stiffness, respectively. The sliding
phase of the EDF system initiates once the restoring force exceeds the limiting
friction force, Fs = µMg. The resisting force (Fb) during the sliding phase remains
constant, which is given by,

Fb ¼ Fssgn _xbð Þ: ð11Þ

The characteristic parameters of the EDF system are isolation time period (Tb),
damping ratio (ξb) and friction coefficient (µ).
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3 Stochastic Ground Motion Model

To address the non-stationary nature of the earthquake ground motion, a stochastic
ground motion model, proposed by Rezaeian and Kiureghian [14], is considered
here. According to this model, total duration (TN) of the ground motion is dis-
cretized into N steps (i.e. TN ¼ Dt � N). Then the ground acceleration €ugðtÞ

� �
is

given by,

€ug tð Þ ¼ f tð Þ
Xk
i¼1

ai tð Þvi; for tk � t\tkþ1 ð12Þ

where, k can be any integer between 1 and N; f ðtÞ denotes the modulation function
which defines the variation of the acceleration amplitude; aiðtÞ denotes the filter
function and vi is any standard normal variable. Details of the procedure to obtain
the distribution of the model parameters and generation of random ground accel-
eration can be found in Jacob et al. [6].

4 Numerical Solution

Newmark’s step-by-step integration procedure is applied to numerically solve the
equations of motion for obtaining the peak seismic response quantities. The linear
variation of acceleration input is considered between two time steps. The time
interval, Δt, is taken such that numerical solution is feasible for the earthquake
ground motions in consideration.

5 Seismic Fragility Analysis

Seismic fragility is defined as the probability of failure for a given level of con-
sidered seismic intensity measure (IM) parameter. The failure can be expressed as
the condition when the seismic demand (load) exceeds the structural capacity
(resistance). Therefore, the seismic fragility is expressed in the following simple
form.

Fragility � P½Dem[CapjIM� ð13Þ

where, Dem represents the demand corresponding to specific level of a selected
seismic intensity measure (IM), and Cap represents the structural capacity corre-
sponding to a particular failure criterion. Here, the intensity measure parameter is
considered as the PGA of the earthquake ground motion.
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Two different limit states of failure are considered corresponding to (i) the tank
wall buckling and (ii) isolation displacement. The tank wall buckling is defined by
the critical base shear (Vb,cr) and the critical overturning moment (Mb,cr) corre-
sponding to the elastic buckling of the tank wall. The critical values are computed
as [13],

Vb;cr ¼ scrpRts ð14Þ

and

Mb;cr ¼ rcrpR
2ts ð15Þ

where, τcr and σcr are the elastic shear buckling stress and the elastic bending
buckling stress, respectively. The elastic buckling stresses depend on the material
and geometrical properties of the tank wall and expressed as,

scr ¼ 0:07708
p2Es

ð1� m2Þ5=8
ffiffiffi
H
R

q R
ts

� ��5=4
ð16Þ

and

rcr ¼ 1ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
3 1� m2ð Þp Ests

R
ð17Þ

where, Es and ν are the modulus of elasticity and Poisson’s ratio of the tank wall
material and ts is the tank wall thickness. It can be noted here that the radius of the
tank wall is almost equal to the radius of the liquid column (R + ts/2 ≈ R).

To define the limit sate corresponding to the isolation displacement, the maximum
design displacement of the isolator is considered. In most of the practical applications
of the base isolation systems, the maximum design isolation displacement is con-
sidered as 250 mm; however, greater design displacement for the isolation systems is
possible [11]. In the present study, the critical isolation displacement (Dcr) is con-
sidered as 250 mm irrespective of the isolation system. Therefore, to compute the
probability of failure for the present study, the peak base shear (Vb) and peak over-
turning moment (Mb) are compared with the corresponding critical values (i.e. Vb,cr

and Mb,cr), and the peak base displacement (xb) is compared with the critical base
displacement (Dcr).

Based on the identified probability distribution of the earthquake ground motion
model parameters, Nsim numbers of artificial earthquake acceleration time histories
are generated using MC simulation. All the earthquake time histories are then
normalized to a PGA level within the considered range of variation. Afterwards, the
liquid storage tank model is analyzed for Nsim number of earthquake acceleration
time histories, and the peak response quantities are determined. Thereafter, the
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seismic demands are compared with the capacities as of the tank. Probability of
failure (pf) is computed for any particular PGA level as,

pf ¼ Nfail

Nsim
ð18Þ

where, Nfail is the number of the cases when any one or all of the limit states are
exceeded (i.e., the demand exceeds the corresponding capacity). The probability of
failure is plotted against the corresponding PGA level to obtain a failure point. The
procedure is then repeated for a range of PGA levels, and the fragility curve is
obtained by joining the failure points. For the present study, the number of simu-
lation for the computation of probability of failure is considered as 1,000.

6 Numerical Study

Herein, the seismic fragility of base-isolated liquid storage tank is evaluated for both
the broad (S = 0.6) and slender (S = 1.85) tank configurations, where S = H/R. The
height of the liquid column in the broad tank is taken as 14.6 m, whereas that for the
slender tank is taken as 11.3 m. In both the cases, the tank wall is considered to be
made of steel, and the liquid is considered as water. The ratio of the tank wall
thickness to the radius (i.e. ts/R) is taken as 0.001. The critical base shears for the
broad and slender tanks are computed as 0.19 W and 0.11 W, respectively, where
W = Mg is the total weight of the tank. The critical overturning moments are
computed as 14.89W-m and 3.84W-m corresponding to the broad and slender tanks,
respectively.

6.1 Comparison of Fragility Curves for Different Isolation
Systems

The fragility curves for the liquid storage tanks (broad and slender), base-isolated
using LRB (Tb = 2 s, ξb = 0.1), NZ system (Tb = 2.5 s, ξb = 0.05, q = 2.5 cm and Fy/
W = 0.05), PF system (μ = 0.1), FPS (Tb = 2.5 s and μ = 0.05), RFBI (Tb = 4 s,
ξb = 0.1 and μ = 0.04) and EDF system (μ = 0.2 and q = 5 cm), are compared. The
parameters of the different isolation systems are selected based on commonly used
values in practice. Similar range of the isolator parameters were also considered in
several earlier studies [7, 12, 17]. Monte Carlo (MC) simulation is used to obtain
the probability of failure. The base-isolated liquid storage tanks are analyzed under
1,000 randomly generated earthquake ground motions, scaled to a particular PGA
level. Thereafter, the seismic demands (peak response quantities, i.e. Vb, Mb and xb)
are compared with respective capacities (i.e. Vb,cr, Mb,cr and Dcr) to obtained the
probability of failure at each PGA level. Figure 3 shows the comparison of the
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fragility curves obtained for the broad and slender base-isolated liquid storage
tanks. The PGA corresponding to the Loma Prieta (1989) earthquake, recorded at
Los Gatos Presentation Centre, (0.57 g) is shown along with the fragility curves to
visually compare the probabilities of failure for the broad and slender liquid storage
tanks. Significant difference among the seismic fragility curves is observed when
the liquid storage tank is isolated using different isolation systems, especially for
slender tank configuration. The slope of the fragility curves of liquid storage tanks,
isolated using EDF system, is highest for both the tank configurations. It indicates
that the EDF system is less effective as compared to other isolation systems con-
sidered in the present study. For the chosen parameters of the liquid storage tanks
and the isolation systems, the FPS is observed to be the most effective for the broad
tank, whereas the PF system is observed as the most effective for the slender tank.

Further, to investigate the predominant failure criterion for different isolation
systems, probability of failure for the base-isolated liquid storage tank is obtained
separately corresponding to (i) the tanks wall buckling (Vb,cr and Mb,cr) and (ii) the
critical isolation displacement (Dcr). Figure 4 shows the fragility curves corre-
sponding to tank wall buckling criterion and maximum isolation displacement
criterion. It is observed that the tank wall buckling governs in the case of LRB, NZ
system, FPS, and EDF system; whereas for PF system and RFBI critical isolator
displacement governs the failure for both the broad and slender tank configurations.
It can be noted that for PF system, no failure is observed due to the tank wall
buckling. It is owing to the fact that the peak base shear (Vb in terms of W) in the
tank wall cannot be more than the friction coefficient (μ = 0.1), which is less than
the capacities of both the tank configurations. Moreover, mean values of the
overturning moment is computed as 0.74 W-m for the broad tank at 3 g PGA, and
0.73 W-m at 2 g PGA, for the slender tank, which are significantly less than the
computed capacities. Therefore, the critical isolation displacement criterion governs
the failure of the liquid storage tanks base-isolated using the PF system.
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Assessing Seismic Base Isolation Systems for Liquid … 1185



6.2 Effect of Isolator Parameters on Fragility Curves

Herein, the effects of variation in the parameters for different isolation systems (FPS
and RFBI) on the seismic fragility of base-isolated liquid storage tanks are studied.
Seismic fragility curves of the broad and slender base-isolated liquid storage tanks,
corresponding to different isolation time period (Tb), are shown in Figs. 5 and 6 for
the FPS and RFBI, respectively. The isolation time period for both the isolation
systems is varied from 1 to 4 s with 1 s increment. The friction coefficient (μ) for the
FPS is kept constant at 0.05. The friction coefficient (μ) and damping ratio (ξb) of
the RFBI are kept constant at 0.04 and 0.1, respectively.

For both the isolation systems, slope of the fragility curves decreases with
increasing isolation time period. This is because of the fact that the higher isolation
time period makes the structure more flexible, which in turn attracts less seismic
force. However, for FPS system the fragility curve of the broad tank for Tb = 4 s,
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shows steeper slope as compared to the curves for Tb = 2 s and Tb = 3 s. This is
owing to the fact that with higher time period of the isolation system, the isolation
displacement is also expected to be higher. Therefore, there are higher possibilities
that the isolation displacement (xb) exceeds the critical value (Dcr). To investigate
this observation, probabilities of failure at various PGA levels, due to exceedance of
the tank wall buckling limit and the isolation displacement limit, are presented
corresponding to different isolation time period in Table 1 for the FPS. It is clearly
seen from Table 1 that the probabilities of failure due to exceedance of the tank wall
buckling limit decreases with increasing isolation time period. Nevertheless, the
probabilities of failure due to the exceedance of isolation displacement limit
increase rapidly with increase in the isolation time period. Further, for the broad
tank, the failure occurs due to tank wall buckling at the lower isolation time periods
(i.e. 1 and 2 s). However, at higher isolation time periods (i.e. 3 and 4 s) critical
isolation displacement exceedance governs the failure. Therefore, the design iso-
lation time period for FPS should be decided judiciously to avoid failure due to
excessive isolation displacement.
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Figures 7 and 8 show the effect of the friction coefficient variation on the seismic
fragility of base-isolated liquid storage tanks for the FPS and RFBI, respectively. It
is observed that for the slender tank, probability of failure increases with increase in
the friction coefficient for both the isolation systems, i.e. FPS and RFBI. Moreover,
the probabilities of failure in the slender tank abruptly increase when the friction
coefficient is increased from 0.08 to 0.12. This is attributed to the fact that the
critical base shear (capacity, i.e. Vb,cr), which governs the tank wall buckling, lies in
this range (0.11 W). Therefore, as the friction coefficient overcomes the critical base
shear (Vb,cr, in terms of W) the tank wall buckling governs the failure of the base-
isolated liquid storage tank for both the isolation systems, i.e. FPS and RFBI.
Therefore, while designing friction coefficient for the FPS and RFBI, the capacity of
the tank should be taken into consideration.

For the broad tank, critical base shear (Vb,cr = 0.19 W) is beyond the range of the
considered variation of the friction coefficient. Therefore, effect of the friction
coefficient variation on the fragility curves is not similar as compared to the effect of
friction coefficient variation on the slender tank. It is observed from Fig. 7 that the
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Fig. 7 Effect of the friction coefficient variation on the fragility curves for liquid storage tanks,
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slope of the fragility curve, for the broad liquid storage tank base-isolated using the
FPS, decreases when the friction coefficient (μ) decreases from 0.16 to 0.08.
However, the slope of the fragility curve obtained for μ = 0.04 is comparatively
more than the same obtained for μ = 0.08. For the broad liquid storage tank, base-
isolated using the RFBI, slope of the fragility curve decreases with increase in the
friction coefficient from 0.04 to 0.12. However, the slope of the fragility curve
suddenly increases for μ = 0.16, especially at the higher PGA level.

The probabilities of failure due to exceedance of the tank wall buckling and
critical isolation displacement are presented in Table 2 for the FPS and RFBI,
respectively at various PGA levels to investigate these observations further. It is
observed that the probabilities of failure corresponding to the critical isolation
displacement decrease with increasing friction coefficient for the broad liquid
storage tank, base-isolated using the FPS. However, the probabilities of failure due
to tank wall buckling decrease initially (for μ = 0.04 to μ = 0.08), then it increase as
the friction coefficient increases. Therefore, there exists an optimum value of the
friction coefficient in the range of 0.04–0.08, for which probability of failure due to
tank wall buckling is the lowest. It can be noted here, that for buildings and bridges,
the optimum range of the friction coefficient corresponding to the FPS was reported
as 0.05–0.15 [8]. In case of the broad liquid storage tank, base-isolated using the
RFBI, it is observed that the dominant mode of failure changes from isolation
displacement to tank wall buckling when the friction coefficient vary from 0.08 to
0.12. Moreover, the probability of failure due tank wall buckling increases rapidly
as the friction coefficient increases further. Therefore, there exists an optimum range
of the friction coefficient in the range of 0.08–0.12 for the RFBI.

7 Conclusions

Seismic fragility of base-isolated liquid storage tank is evaluated to assess the
performance of various base isolation systems to enhance the seismic protection
level. The liquid storage tank is modeled using lumped mass mechanical analog.
Failure of the liquid storage tank is defined in terms of buckling of the tank wall in
elastic range and maximum isolation displacement. Two different configurations,
i.e. broad and slender, of the base-isolated liquid storage tanks are chosen for the
comparison. Following are the major conclusions derived from the present study.

(i) The buckling of tank wall governs the failure of liquid storage tanks, iso-
lated with elastomeric type isolators (LRB, NZ system etc.). However,
exceedance of isolation level displacement governs the failure in the liquid
storage tanks base-isolated using the PF system and the RFBI.

(ii) Effectiveness of the EDF system to enhance the seismic performance of the
liquid storage tanks is lesser as compared to other isolation systems con-
sidered in the present study. The FPS is observed to be the most effective for
the broad tank, whereas the PF system is observed as the most effective for
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the slender tank. Moreover, the critical isolation displacement criterion
governs the failure of the liquid storage tanks base-isolated using the PF
system.

(iii) If the limiting frictional force is more than the critical base shear, the tank
wall buckling governs the failure of the base-isolated liquid storage tank for
both the FPS and the RFBI. While designing friction coefficient for the FPS
and the RFBI, the capacity of the tank should be taken into consideration.
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Hydrodynamic Effects on a Ground
Supported Structure

Kuncharapu Shiva and V.S. Phanikanth

Abstract Liquid storage tanks are used for storing water, inflammable liquids and
other chemicals. Thus storage structures are very important for public utility and for
industries. Such structures shall be designed for lateral loads such as wind loads/
earthquake loads. Earthquake is a sudden movement of the earth caused by the
abrupt release of strain that has accumulated over a long time. This dynamic
vibration of lateral movement affects structural strength and its behaviour. During
the recent past earthquakes, many failures of liquid retaining structures are observed
and thus there is a need to understand the behaviour of liquid retaining structures
and to consider the latest advances in the design of such structures so that they are
not vulnerable under earthquake loads. In the present study, behaviour of a typical
ground supported structure under earthquake loads is studied using analytical
solutions based on the codes/guidelines prevalent and the same are compared with
the detailed dynamic finite element solutions. Both the convective and impulsive
mode are captured in the detailed dynamic analysis and the time periods of
respective modes of vibration are compared with the available guidelines. Good
agreement in results is obtained using the computer based analysis. Behaviour of
liquid storage tanks under earthquake loads has been studied as per Draft code Part
II of IS 1893: 2002 [1]. A FEM based computer software is used (SAP2000) for
seismic analysis of tank and finally their results are compared.
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1 Introduction

1.1 General

Apart from ensuring the design safety of liquid retaining structures, the main
purpose of the construction of the facility is to distribute water effectively and
efficiently to cater the expected demand. Water is important to human being for
their daily usage in residential and commercial services. Considering the impor-
tance of such structures, its performance under seismic event, shall be carefully
examined and the safety of the same shall be ensured. Time and again Earthquakes
proved to cause worst phenomenon that can happen in human life with a lot of
damages.

Structures located in seismically active areas have to be designed to resist the
lateral forces arising due to earthquake loads in addition to vertical loads due to self
weight and live loads etc. Due to rapid urbanisation and to cater for the increase in
population demand there is an increase in demand for construction of various kinds
of water tanks and other liquid retaining structures built in different parts of the
country. Water storage tanks should remain functional in the post-earthquake period
to ensure potable water supply to earthquake-affected regions and also to cater the
need for fire fighting and hence seismic safety of liquid tanks is of considerable
importance. Industrial liquid containing tanks may contain highly toxic and
inflammable liquids and this toxic material should remain intact and shall not leak
to outside the containment to ensure safety to the population surrounding the
affected area.

To perform well in an earthquake the structure needs to have a well defined
structural configuration and the structural analysis of the system shall capture all the
stiffness and mass of the system in the dynamic analysis. Also it depends on design
procedure adopted, the detailing of the structural elements and skilful construction
as per the prevalent codes of practices existing in those regions. IS 1893 (Part 2)
Draft code [1] has given analytical formulations on the design of liquid storage
tanks, for evaluating the hydrodynamic forces due to seismic loading. Using these
codal provisions it is possible to evaluate time periods in impulsive and convective
modes of vibrations and hydro-dynamic forces for both elevated tanks and ground
supported tanks. According to this code a water tank should be modelled as a two
degree of freedom system based on the work of Housner [2]. First mass consists
tank container and staging and impulsive water. Second mass consists convective
water. Housner [2] studied the behaviour of small steel tanks with open roof under
dynamic forces. He has given expressions for both impulsive and convective modes
of vibrations.

In the present study, an attempt has been made to perform a detailed dynamic FE
based analysis of a ground supported structure and the responses so obtained are
compared with the analytical formulations described in the code. FE based com-
mercial software SAP2000 is used for the present study. The results obtained from
both the methods are found to be in reasonable agreement.
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1.2 Some Damages to Storage Tanks During Recent
Earthquakes

The behavior of liquid storage tanks during the seismic event has an importance
beyond its economic value because of consequences that results from tank failures.
The loss of public water supply can have serious consequences as it happened
during 1933 long beach, California earthquake because of tank collapses [3].

Failure of tanks containing high inflammable products, combustible products
such as gasoline and other petroleum products can lead to extensive, uncontrolled
fires, as occurred following the Nigata, japan earthquake 1964 and Alaska earth-
quake of 1964 [3].

The major damages observed in the liquid storage tanks during past earthquakes
are side wall buckling (Elephant foot and Diamond shape buckling), sliding and
Uplifting of tank, failure of tank roofs and their junctions and are shown in Fig. 1.
Literature shows that, shell buckling is caused by combined action of outward
hydrodynamic wall pressures generated by vertical ground motion and axial
compressive stresses caused by overturning moment generated by horizontal
ground motion. For broad tanks, shell buckling takes the form of an axis-symmetric
bulge (elephant Foot). For slender tanks, buckling is in the form of a diamond
pattern. Unanchored or partially anchored tanks experience base uplifting. This can
cause a break in the inlet/outlet piping connections which are not designed to
accommodate the vertical movement. Pipe breaks can also result from horizontal
movement (sliding) of the base. Tanks that are not provided with sufficient free-
board can be damaged by the sloshing waves.

Fig. 1 Damages to liquid storage tanks, a elephant foot buckling, b diamond shape buckling,
c pipe inlet-outlet breaking, d base sliding, e failure of tank roof (Photo courtesy University of
California, Berkeley, [4])
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2 Seismic Analysis of Liquid Retaining Structures

Hydrodynamic forces exerted by liquid on tank wall shall be considered in the
analysis in addition to hydrostatic forces. These hydrodynamic forces are evaluated
with the help of spring mass model of tanks.

2.1 Spring Mass Model for Seismic Analysis Using IS 1893
(Part 2) (Draft Code)

When a tank containing liquid with a free surface is subjected to horizontal
earthquake ground motion, tank wall and liquid are subjected to horizontal accel-
eration. The liquid in the lower region of tank behaves like a mass that is rigidly
connected to tank wall. This mass is termed as impulsive liquid mass which
accelerates along with the wall and induces impulsive hydrodynamic pressure on
tank wall and similarly on base. Liquid mass in the upper region of tank undergoes
sloshing motion. This mass is termed as convective liquid mass and it exerts
convective hydrodynamic pressure on tank wall and base. Thus, total liquid mass
gets divided into two parts, i.e., impulsive mass and convective mass. The analysis
of liquid storage structures under dynamic condition considers forces induced due
to acceleration of tank structure and hydrodynamic forces due to acceleration of
liquid. To include these forces, tank can be idealized by an equivalent spring mass
model, which includes the effect of tank wall liquid interaction. In spring mass
model of tank-liquid system, impulsive and convective masses are to be suitably
represented. these two liquid masses and their points of application depends on
aspect ratio of tanks and the all parameters of mechanical analogue are obtained
from mathematical expressions given in the draft code.

Sometimes, vertical columns and shaft are present inside the tank. These ele-
ments cause obstruction to sloshing motion of liquid. In the presence of such
obstructions, impulsive and convective pressure distributions are likely to change.
At present, no study is available to quantify effect of such obstructions on impulsive
and convective pressures. However, it is reasonable to expect that due to presence
of such obstructions, impulsive pressure will increase and connective pressure will
decrease.

The various steps involved in the analysis include computation of dead load,
modelling of liquid (spring mass model parameters), time period calculations,
computing design horizontal seismic coefficient, base shear and base moment,
hydrodynamic pressure and sloshing wave height and anchorage requirement.
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2.2 Ground Supported Rectangular Tank

Ground supported tanks can be idealized as spring-mass model as shown in Fig. 2.
The impulsive mass of liquid, mi is rigidly attached to tank wall at height hi.
Similarly, convective mass, mc is attached to the tank wall at height hc by a spring
of stiffness Kc.

The spring mass model for ground supported tank is based on work of Housner
[2]. In the spring mass model of tank, hi is the height at which the resultant of
impulsive hydrodynamic pressure on wall is located from the bottom of tank wall.
On the other hand, hi* is the height at which the resultant of impulsive pressure on
wall and base is located from the bottom of tank wall. Thus, if effect of base
pressure is not considered, impulsive mass of liquid, mi will act at a height of hi and
if effect of base pressure is considered, mi will act at hi*. The same may be
evaluated using above mentioned draft code. Thus, it is possible to evaluate the
convective and impulsive masses and also the convective stiffness by knowing
height of liquid ‘h’ and tank base dimension ‘L’ parallel to earthquake excitation
under consideration as shown in Fig. 3. Also, the height at which these masses act
can be evaluated using Fig. 4. Similarly, hc, is the height at which resultant of
convective pressure on wall is located from the bottom of tank wall, while, hc* is
the height at which resultant of convective pressure on wall and base is located.

The time periods are calculated based on the expressions give in the code.
Damping in the convective mode for all types of liquids and for all types of tanks
shall be taken as 0.5 % of the critical. Damping in the impulsive mode shall be
taken as 2 % of the critical for steel tanks and 5 % of the critical for concrete or
masonry tanks. In the calculation of average response acceleration coefficient, if
time period is less than 0.1 s, the value of Sa/g shall be taken as 2.5 for 5 %
damping and be multiplied with appropriate factor, for other damping. Value of
multiplying factor for 0.5 % damping shall be taken as 1.75.

Fig. 2 Spring mass model for ground supported rectangular tank [IS 1893 (Part 2) Draft code]
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2.3 Spring Mass Model Parameters as per IS 1893 (Part 2)
Draft Code, for Rectangular Tank

Based on the Draft code base shear and base moments can be calculated as follows:
In Impulsive mode:

Vi ¼ Ahð Þi mi + mw + mtð Þg
Mi ¼ Ahð Þi mihi + mwhw + mthtð Þg

In Convective mode:

Vc ¼ Ahð Þc mcð Þg
Mc ¼ Ahð Þc mchcð Þg

Fig. 3 Impulsive and
convective mass and
convective spring stiffness [IS
1893 (Part 2) Draft code]

Fig. 4 Heights of impulsive
and convective masses [IS
1893 (Part 2) Draft code]
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Where
(Ah)i Design horizontal seismic coefficient for impulsive mode,
(Ah)c Design horizontal seismic coefficient for convective mode,
mi Impulsive mass of water,
mt Mass of roof slab, and
g Acceleration due to gravity.
hw Height of centre of gravity of wall mass, and
ht Height of centre of gravity of roof mass.

Here, Impulsive and convective stiffness, their masses and respective heights can
be calculated by using Figs. 3 and 4. Also, the final shear force, bending moment
shall be computed by using SRSS (square root sum of squares) rule for both
impulsive and convective values. Design horizontal seismic coefficient can be

calculated as Ah ¼ Z
2
I
R
Sa
g , where

Sa
g is the average spectral acceleration coefficient

which depends upon the time period [5], and shall be computed both for impulsive
and convective modes. These time periods are found out by using the mathematical
formulations given in above mentioned draft code, wherein convective stiffness can
also be calculated by using the Fig. 3.

Final Hydrodynamic pressure includes the Impulsive, convective pressures,
pressure due to wall inertia, and pressure on the wall due to vertical ground
acceleration. All these pressures should be suitably combined to get final pressure.

When free board (FB), provided is less than the computed slosh height say dmax,
then roof slab is subjected to contact pressure and Impact force due to fluid sloshing
during the earthquake. Such roof slab shall be designed for the contact pressure
with an impact factor, IF (IF can be taken as 2).

Pressure can be computed as: ps1 ¼ cw dmax � FBð Þ:IF.

3 Case Study of a Ground Supported Structure

A ground supported rectangular RC water tank with plan dimensions of
39.6 × 30.5 m and height of 4.45 m including a free board of 1.2 m is considered for
the present study. The structure has RCC walls all around with wall thickness
varying thickness from 700 mm at the base to 300 mm at the top. The thickness of
base slab is considered as 250 mm and that of roof slab is taken as 300 mm. There
are 12 columns of size 600 × 600 mm inside the tank and 11 beams (7 of
600 × 1,000 mm and 4 of 400 × 750 mm) in the tank. Grade of concrete is
considered as M30. Based on the geotechnical data and using IS 1893 (Part 2) Draft
code the structure is resting on medium type soil. The importance factor is taken as
1.5 and response reduction factor is considered as 2 for the purpose of analysis. The
structure is in seismic zone II as per IS 1893 (Part 2) Draft code [1] and zone factor
is considered as Z = 0.10 and DBE level earthquake is considered for the present
study.

Hydrodynamic Effects on a Ground Supported Structure 1199



3.1 Typical Results Using IS 1893 (Part 2) Draft Code

In X(longer) direction:

• Base shear is found to be 1991 kN and is 3.56 % of seismic weight (56004.38
kN) of tank.

• Total Moment at the base of the walls = 5749.9 kN-m.
• Moment per unit length at the base of the wall = 92.72 kN-m/m.
• Overturning moment = 15,685 kN-m.
• Maximum hydrodynamic pressure at base = 4.785 kN/m2. It is found to be 15 %

of hydrostatic pressure = 31.88 kN/m2 (at base).
• Slosh height is found to be 0.25 m and is less than the free board (1.2 m)

provided.
• No anchorage required.

In Y(shorter) direction:

• Base shear is found to be 2099.5 kN and is 3.74 % of seismic weight of tank.
• Total Moment at the bottom of the wall = 6246.7 kN-m.
• Moment per unit length at the base of the wall = 78.08 kN-m/m.
• Over turning moment = 13907.65 kN-m.
• Maximum hydrodynamic pressure = 4.772 kn/m2 at base. It is found to be 15 %

of hydrostatic pressure (31.88 kN/m2).
• Slosh height is found to be 0.25 m and is less than the free board (1.2 m)

provided.
• No anchorage required.

3.2 Detailed Dynamic Analysis

The structure is also analysed using detailed dynamic analysis using SAP2000 with
the input data described above. The varying wall thickness is approximated to
uniform wall thickness instead of tapered wall. Columns masses are lumped at the
roof slab and base slab modelling is not considered for simplicity. All RC walls are
fixed at the bottom.

Impulsive and convective masses are added as joint masses at the junction of the
four springs (two in each direction for each of the masses) which are connected to
the walls at different levels. Dynamic analysis has been carried out for earthquake
loading in X and Y directions and is compared with the theoretical calculations
which are presented in the previous section.

Dynamic analysis is carried out for 100 modes to enable 90 % mass participation
in X and Y directions. The typical 3D view of FE model is shown in Fig. 5 and
plans at convective and impulsive heights of the FE mode is shown in Fig. 6.
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The damping value for the R.C. structure is considered as 5 % for all modes, except
for first two modes wherein 0.5 % (as per draft code) damping is considered. All the
input parameters considered for the FE model is shown in Table 1. It was observed
that the first two modes represent convective mass participations in X and Y
directions respectively. Response spectrum function is used according to the draft
code IS 1893 (Part 2) Draft code. The various seismic input parameters such as
zone factor Z = 0.10, importance factor = 1.5, and response reduction factor R = 2
are considered using IS 1893 (Part 2) Draft code and considering DBR level
earthquake as discussed above. Loading function was defined in both X and Y

Fig. 5 3D view of FE model

Fig. 6 a Plan @1.61 m convective mass and springs, b plan @ 1.21 m impulsive mass and rigid
links
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directions individually. The structure is analysed for various forces viz. base shear,
bending moment, hydrodynamic pressure based on formulations given in IS 1893
(Part 2) Draft code and the obtained results are presented in Table 2.

4 Conclusions

This paper reviews the earthquake induced forces on ground supported liquid
retaining R.C. structures. It is observed that results obtained based on dynamic
analysis carried out in FEM based software SAP2000 [6] are in good agreement
with the results from the analysis methods of IS 1893 (Part 2) Draft code. The
hydrodynamic pressure is observed to be 15 % of the maximum hydrostatic

Table 1 The details of the SAP-FE modelling

Finite element method using shell elements of mesh size 1 × 1 m

Material properties Concrete (M30, γ = 25 kn/m3)

Section properties Concrete walls of uniform thickness 0.5 m, concrete roof slab
of thickness 0.3 m

Support conditions Fixed at the base of the walls

Springs used for modeling
of liquid

Spring stiffness for impulsive loads = 1 × 1010 kN/m (rigid
link); spring stiffness for convective loads = 317.06 kN/m in
X and 523.81 kN/m in Y direction respectively

Response spectrum used As per IS 1893 (Part 2) Draft code [Z = 0.10,
I = 1.5, R = 2 and soil type 2]

No of modes considered 100

Damping values for modes 0.5 % for first 2 modes and 5 % for all other modes

Table 2 Comparison of results-analytical solution versus dynamic analysis results

Parameter IS 1893 (Part 2)
(Draft code)

Finite element detailed
dynamic analysis
using SAP2000
(Mesh size = 1 × 1 m)

X-DIR Y-DIR X-DIR Y-DIR

Time period (S)-
impulsive mode

0.01 0.01 0.05 0.06

Mode no 1 1 37 47

Time period (S)-
convective mode

14.1 10.92 14.12 10.88

Mode no 2 2 1 2

Base shear (kN) 1991 2099.5 2545.9 2602.4

Unit moment at base of wall
(kN-m/m)

92.72 78.08 93.68 73.47
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pressure. The wall bending moments due to hydrodynamic effects are significant
compared to hydrostatic effects and thus underlines the importance of consideration
of such effects of liquid retaining structures in seismically active areas.
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Seismic Behaviour of R/C Elevated Water
Tanks with Shaft Stagings: Effect
of Biaxial Interaction and Ground Motion
Characteristics

Aparna Roy and Rana Roy

Abstract An important lifeline facility such as elevated water tanks with R/C shaft
staging has been observed to be potentially damaged during earthquakes in the past.
Seismic demand of lateral load-resisting members are seldom evaluated accounting
bi-directional interaction. Existing guideline to estimate total response combining
100 % of the maximum response for excitation in one direction and 30 % of the
maximum responses for excitation in the other horizontal direction (as per ‘30 %
rule’) is evidently deficient at least for systems excited well into inelastic range.
Present investigation aims to explore the response of shaft-supported reinforced
concrete elevated water tank under bi-directional near-fault records with forward-
directive signature. Following detailed review, shaft staging of elevated tank is
modelled through distributed plasticity element. Hydrodynamic action is also
adequately modeled following established standards. Bi-directional interaction may
considerably amplify global response particularly at tank-empty condition. Com-
plex combination of bi-directional load-path may lead to adverse system response.
Increase of ground motion characteristics such as mean period, significant duration
relative to the impulsive period of the tank, with some scatter, leads to increase
interaction effect.
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1 Introduction

In the accepted practice, structures are expected to be in linear range only under
minor shaking and experiences post-elastic range vibration during moderate to
strong earthquakes. Thus, seismic design relies on the ductile behavior of structures
in order to ensure safety with limited cost. Such inelastic damage of reinforced
concrete (R/C) structures are associated with permanent cracking, spalling of
concrete, fracture or buckling of reinforcing bars etc. To comply with the design
requirements in the performance based seismic design (PBSD), assessment of
behavior at each performance state is essential [1].

Elevated water tanks are important structures in water supply networks. Liquid
storage tanks are used extensively by municipalities and industries for storing
water, inflammable liquids and other chemicals. Thus these type of structures are
very important for public utility and for industrial purpose to secure necessary water
supply. Reinforced concrete circular shafts type support (staging) is widely used for
elevated tanks of low to very high capacity. It is extremely essential for these
systems to remain operational after earthquakes for post-earthquake damage miti-
gation. The poor seismic performance of these inverted pendulum-type construc-
tions has been reported frequently during major earthquakes [2–8]. Inadequate
performance of these tanks also prevented fire-fighting and other emergency
activities in the past.
It is well-known that during seismic shaking elevated tanks are usually subjected to
bi-directional shaking which is recognized to pose stronger seismic vulnerability.
However, principles for capacity estimate primarily bases on the experimental
results of uniaxial tests without accounting for simultaneous action along two
principal directions [9]. On the other hand, design forces are also evaluated without
explicit account of bi-axial interaction (e.g., ASCE/SEI 7-05 [10]). Code only
recommends simple combination rule of ‘100 % of the forces for one direction plus
30 % of the forces for perpendicular direction’ for systems with a specific form of
irregularity (Type 5). In principle, total response is computed as 100 % of the
maximum response for excitation in one direction plus 30 % of the maximum
response for excitation in the other horizontal direction; the combination leading to
the largest response is considered for design [11]. Responses under uni-directional
components separately applied to 100 and 30 % along the principal directions of the
structures are often combined by SRSS [12]. The obvious limitation of such sim-
plified approaches are intuitive [12] at least in the post-elastic range.

Relatively simple representation yet severe destructive potential of near-fault
earthquakes has been demonstrated during several earthquakes (e.g., 1978 Tabas,
Iran; 1995 Kobe, Japan; 1999 Chi-Chi, Taiwan; 2003 Bam, Iran and 2009 L’
Aquila, Italy) in the past. Such pulses involving forward-directivity (FD) effect are
well-known to bring about havoc in many historical events and also noted in the
literatures (for example, [13, 14]). In fact, it is believed that the “near-fault FD fault-
normal components of motion are especially severe and potentially destructive”
[17]. It may be noted that the existing methods to implicitly consider inelastic
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demands by amplifying the design spectra do not provide a reliable basis for
representing near-fault ground motions [18].

With theses in view, this investigation focuses on the response of shaft supported
elevated water tanks in case of bi-directional seismic attack close to a causative
ground fault. On close scrutiny of different analytical models, a state-of-the-art
numerical scheme is adopted. Response of the elevated tank both at tank-empty and
tank-full conditions are analyzed under uni-directional and bi-directional near-field
FD records. Seismic behavior under FD near-field events are explained unfolding
the impact of bi-directional interaction. The study is believed to be useful to realize
the consequence of limitation of current codal provisions.

2 System Idealization

2.1 Hydrodynamic Action

Behaviour of elevated water tank undergoing lateral vibration at the bottom
physically induces two different types of vibration in the water of the tank. While a
part of the water at the upper portion of tank participates in sloshing motion
(convective) with a longer period [19, 20], the rest of the water vibrates rigidly with
the tank wall. The former one is recognized as convective mass of water, while the
latter is known as impulsive mass of water. The impulsive mass of water experi-
ences the same acceleration as the tank container and contributes predominantly to
the base shear and overturning moment [3, 7]. Thus, the behaviour of elevated tanks
can be represented by an equivalent two-mass model as suggested in the literature
[7]. For the sake of convenience, this two degrees of freedom system is schemat-
ically shown in Fig. 1a. The effective structural mass, Ms; i.e., the mass of the tank

Unconfined cover

Confined core

Steel bar
Concrete Shaft staging

staging mass

Rigid link

Container mass

HC

Hi

Hstg

KC /2 KC /2Mc

Hcont /2

1/3rd

(a)

(b)

Mi

Fig. 1 a Cross-section of concrete model. b Two mass model for lateral vibration as proposed by
Housner [17]
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container and one-third mass of the staging [3, 5, 7] as well as the equivalent mass
of water participating in impulsive mode, Mo; is considered to be rigidly attached to
the tank container. The one-third mass of the staging is located at the top of
the staging and the container mass is located at the mid-height of the container
(Hcont/2). The convective mass, Mc; is attached to the staging through a vertical
member of height, Hc; attached at the top of staging level. The lateral stiffness, Kc;
which is the equivalent stiffness involved in sloshing vibration is attached toMc The
expressions for these masses and stiffness quantities were originally proposed in a
literature [7] and were finally reported further with minor modification in another
literature [21]. The expressions for various equivalent mass and stiffness quantities
according to the literature [21] are also given here for convenience.

Mo ¼ M
tanhð1:7R=hÞ

1:7R=h
; Mc ¼ 0:71M

tanhð1:8h=RÞ
1:8h=R

; Kc ¼ 4:75M2
c

gh
MR2

In these expressions, M denotes total mass of the water, R represents radius of
container and g denotes acceleration due to gravity. The impulsive and convective
masses are considered to be located at a height of Ho and Hc, respectively, from the
bottom of the tank container. The expressions for these heights according to the
same literature [21] are as follows:

Ho ¼ 3
8
H 1þ 4

3
M
Mo

� 1
� �� �

Hc ¼H 1� 0:21
M
Mc

R
H

� �2

þ 1:1
R
H

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
0:15

RM
HMc

� �
� 1

s( )

2.2 Modeling of Shaft Staging

Lateral load resisting staging of the shaft is modeled using distributed inelasticity
fiber models that represent the cross-section behavior through uni-axial stress-strain
relationship of the discrete fibers. A detailed review of the available models is
presented elsewhere [22, 23]. Simplicity of the input data for numerical schemes is
also essential as otherwise such models become ‘inaccessible to designers’. Con-
sidering pros and cons, the present investigation models RC shaft staging using
distributed plasticity elements in the framework of standard finite element software
SeismoStruct: Version 6 (Seismo-Soft 2012). Sectional details of the shaft is fur-
nished in Fig. 1b.

Fibre discretization is adopted to represent the member at the section level,
where each fibre is associated with a uniaxial stress-strain law. The sectional
moment-curvature state is then obtained through the integration of the nonlinear
uniaxial stress-strain response of the individual fibers that constitutes the section.
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The global inelasticity of the shaft is then obtained by integration of the contri-
bution provided by each controlling section. Cross-section is discretized into three
hundred fibers. Shaft is discretized into four sub-elements considering ten Gauss
sections (at least six recommended in [24]) per element. The Gauss-Lobatto
quadrature rule is used to numerically integrate the forced-based elements [25].

Typical section consisting of unconfined concrete, confined concrete and rein-
forcing steel are modified using established scheme. It is assumed that once ultimate
conditions are reached, R/C members continue to have a residual strength as pro-
posed elsewhere [26]. The concrete constitutive behavior is modeled using non-
linear constant confinement concrete model originally proposed by Mander et al.
[27] and later modified by Martinez-Rueda and Elnashai [28]. Confinement effect
due to lateral reinforcement is taken into account through the definition of the
confinement factor of section core [27]. Thus, the loss of member strength due to
spalling of concrete cover is accounted. Constitutive behavior for reinforcement
steel is modeled using Menegotto-Pinto steel model [29] modified by Filippou et al.
[30]. This model assumes a bilinear backbone curve with isotropic strain hardening.
The model takes into account the Bauschinger effect to adequately represent the
stiffness degradation of columns under cyclic loading.

3 Ground Motions, Methodology and System Parameters

Limited studies conducted herein select seven near-fault records with forward
directivity signature. Details of the ground motions along with the different
important characteristics are presented in Table 1.

Moment magnitude for the ground motions ranges between 5.8 and 6.9. Closest
site-to-fault-rupture distance ranges between 4.0 and 8.5 km. Average shear wave
velocity in the top 30 m of the site (Vs30), by and large, represents a site class D
[31]. Under specified ground acceleration histories, standard equations of motion

Table 1 Details of ground motions adopted

Sl.
no

Nomen-clature
used

Seismic
events

Station Date Magnitude in
Richter

Distance from
epicentre (km)

1 A-A1 Chalfant
Valley

Zack Brothers
ranch

07.20.86 5.8 6.4

2 B-B1 Coyote
Lake

Gilroy Array
#3

06.08.79 5.7 7.4

3 C-C1 Dinar,
Turkey

Dinar 01.10.95 6.4 3.4

4 D-D1 Imperial
Valley

El Centro
Array #3

10.15.79 6.5 12.9

5 E-E1 Imperial
Valley

El Centro
Array #5

10.15.79 6.5 4.0

6 F-F1 Imperial
Valley

Sahop Casa
Flores,

10.15.79 6.5 9.6

7 G-G1 Loma
Prieta

Saratoga—
Aloha Ave

10.18.89 6.9 8.5
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(refer to [11]) of the system are solved in the time domain using Hilber-Hughes-
Taylor integration scheme [32]. WhileHilber-Hughes-Taylorparameters α, γ and β
are chosen respectively as −0.1, 0.6 and 0.3025, time step of integration is taken to
be sufficiently small to ensure convergence. A tangent-stiffness proportional viscous
damping of 5 % and displacement/rotation based criterion (tolerance limits: 0.1 mm
and 10−4 rad) is selected to ensure convergence in analysis.

Elevated water tanks (Fig. 1b) with varying capacities of 380–1,050 kl with
diameter of shaft staging ranging between 7.0 and 12.24 m are chosen as the
reference system. Geometric and structural details of the tank stagings and con-
tainers are listed in Table 2.

Shell thicknesses of the stagings are taken as 150 mm throughout reinforced with
0.8 % steel in both longitudinal and circumferential directions [33, 34]. Capacity
curve of the shaft is established by conducting a conventional static pushover
analysis where lateral load is applied employing automatic response control algo-
rithm [35] implemented in standard software (SeismoStruct: Version 6). It is
important to note that capacity is determined without accounting axial load. Yield
capacity (Fy) and yield displacement (uy) of the structure is estimated from such
capacity curve. Subsequently, the ground motion is suitably scaled to simulate a
response reduction factor (R) of 2. Standard response history analysis is then per-
formed for systems so idealized following the methodology outlined.

4 Results and Discussions

Limited studies conducted herein select seven near-fault records with forward
directivity signature. With the intent of assessing influence of bi-directional effect,
drift is measured from two set of nonlinear response history analysis. In the first,
each component of a ground motion is applied separately. Drifts measured under
two components of a ground motion are compared and the greater one is regarded
as the drift of the pier under uni-directional shaking (ΔU). In the second, both the
components of each ground motion are simultaneously applied along two mutually
orthogonal directions and drifts under two orthogonal directions, viz., Δθ and Δπ/2+θ

are noted. These are geometrically combined as [Δθ
2 + Δπ/2+θ

2 ]0.5 to estimate the drift
under bi-directional excitation (ΔB). Values of ΔU and ΔB so computed for each
record are plotted in the form of bar chart (Fig. 2). It is observed that the drift tends
to consistently increase even to the extent of 50 % due to bi-directional interaction.
Such increase may generally be greater in tank-empty condition. During tank empty
condition, period of the system becomes even stiffer and hence the impact of bi-
directional interaction is expected to be more prominent [34, 35]. Similar response
in terms of normalized hysteretic energy ductility demand (NHEDD), although not
presented, also reveal a parallel trend.
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5 Influence of Ground Motion Characteristics

Dynamic response of structural systems are significantly influenced by the fre-
quency content of earthquake motions (e.g., [38]). Earthquake motions comprised
of a range of frequencies are often described by characteristic periods such as mean
period (Tm) [38, 39]. Thus, the mean period is derived from the Fourier amplitude
spectrum of acceleration-time history as

P
i C

2
i

�
f

� 	� P
i C

2
i

� 	
[39] where Ci are the

Fourier amplitudes of the accelerogram and fi the corresponding discrete Fourier
transform frequencies between 0.25 and 20 Hz. Significant duration, based on the
accumulation of energy in the accelerogram and defined as the interval over which a
certain portion (in which the motion is deemed strong taken herein as 5–95 %) of
the total Arias intensity is accumulated, is also believed to be an influential
parameter. Responses of structures thus are presented as a function of Tm to T ratio
and the variation of the similar quantities as a function of Tsig/T in Fig. 3. Average
values of components Tm and Tsig are considered to represent response under bi-
directional shaking. Figures display, with some scatter, an increasing trend in
response under both uni-directional and bi-directional shaking.
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Fig. 2 Change of drift (%) due to bi-directional interaction under different ground motions (R = 2)
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6 Summary and Conclusions

Current design generally evaluates inelastic seismic demand under bi-directional
shaking through combining responses under uni-directional excitation using simple
empirical rule. This study is an attempt to assess the consequence of bi-directional
interaction using under near-fault records with forward directivity. Reviewing the
available state-of-the-art analytical models, an appropriate model for RC elements
is selected. Subsequently, response of five shaft-supported elevated water tanks are
evaluated, at both tank-empty and tank-full conditions, under both uni-directional
and bi-directional shaking. The present work thus leads to following conclusions:

1. Bi-axial interaction seems to amplify the peak deformation demand around 50 %
for shaft supported elevated water tanks which are dynamically stiff system.
Such increase tends to further amplify at tank-empty condition as the system
becomes even stiffer under such situation.

2. Increase of relative values of ground motion characteristics such as mean period
and significant duration with respect to the period of the tanks, with some
scatter, tend to increase the response.

Conclusions above collectively epitomize the significance of bi-directional
interaction during near-fault forward directivity events.
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Fig. 3 Change of drift (%) due to bi-directional interaction with respect to mean period and
significant duration of ground motions (R = 2)
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Steel Hysteretic Damper Featuring
Displacement Dependent Hardening
for Seismic Protection of Structures

Murat Dicleli and Ali Salem Milani

Abstract In this paper, a summary of analytical and experimental studies into the
behavior of a new hysteretic damper, designed for seismic protection of structures is
presented. The Multi-directional Torsional Hysteretic Damper (MTHD) is a
recently-patented invention in which a symmetrical arrangement of identical
cylindrical steel cores is so configured as to yield in torsion while the structure
experiences planar movements due to earthquake shakings. The new device has
certain desirable properties. In this paper, a summary of analytical and experimental
studies into the behavior of a new hysteretic damper, designed for seismic pro-
tection of structures is presented. The Multi-directional Torsional Hysteretic
Damper (MTHD) is a recently-patented invention in which a symmetrical
arrangement of identical cylindrical steel cores is so configured as to yield in torsion
while the structure experiences planar movements due to earthquake shakings. The
new device has certain desirable properties. Notably, it is characterized by a vari-
able and controllable-via-design post-elastic stiffness. The mentioned property is a
result of MTHD’s kinematic configuration which produces this geometric hard-
ening, rather than being a secondary large-displacement effect. Additionally, the
new system is capable of reaching high force and displacement capacities, shows
high levels of damping, and very stable cyclic response. The device has gone
through many stages of design refinement, multiple prototype verification tests and
development of design guidelines and computer codes to facilitate its implemen-
tation in practice. Practicality of the new device, as offspring of an academic sphere,
is assured through extensive collaboration with industry in its final design stages,
prototyping and verification test programs.
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1 Introduction

Major bridge structures when threatened by earthquake hazard, often require
especial seismic protection to meet the design objectives of controlled displacement
and limited or no damage. This is usually a combination of isolation/dissipation
devices integrated into an isolation system for the bridge. While isolators reduce the
force demand on superstructure by increasing the effective period and bringing the
structure to low-energy region of the design spectrum, energy dissipaters absorb
and dissipate part of the energy that has already swept into the structure and reduce
the displacement and ductility demand on structural components. However, the
added energy dissipation capacity due to addition of energy dissipaters is accom-
panied by increased effective stiffness owing to the added reaction force of the
damper, necessary for it to function. This is an effect in contrast to that of an
isolator. Depending on project specifics and design demands, usually an appropriate
combination of these two different but complimentary mechanisms is sought to
provide an effective design.

The first appearance and application of steel hysteretic dampers during late 60s
and early 70s came about as the outcome of a study in the Engineering Seismology
Section of the Physics and Engineering Laboratory, DSIR, [1–3]. Ever since,
hysteretic dampers have come under increasing attention as an effective and eco-
nomical means for response control for important structures. Compared to build-
ings, deployment of hysteretic dampers in bridges encounters the additional
difficulties of multidirectional displacements and presence of service-condition
temperature-induced displacements, which are not supposed to engage the dampers.
Multi-directionality of displacements demands that the device be both mechanically
capable of displacement at all planar directions and also providing a uniform
response irrespective of displacement direction. Consequently, bridge hysteretic
dampers are not as diverse as the building ones. A thorough review of bridge
dissipation and isolation devices can be found in [4]. The focus of this paper is a
newly developed bridge hysteretic damper, Multi-directional Torsional Hysteretic
Damper (MTHD). MTHD is capable of large force/displacement capacities and
combination of geometric and material hardening gives it a variable post-elastic
stiffness, which is believed to be necessary in displacement control of highway
bridges. MTHD has passed most phases of necessary analytical and design opti-
mization studies and a 200 kN, 120 mm-capacity prototype of MTHD has recently
been tested in the laboratory of the Institute of Structural Engineering at the Uni-
versity of the German Armed Forces in Munich (UniBwM) and also in the
Mechanics Laboratory of Engineering Sciences Department at METU. Further
experimental investigations, which focus on low-cycle fatigue endurance of energy
dissipaters are currently in progress in the Middle East Technical University.
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2 Basic Mechanisms and Working Principle of MTHD

MTHD is designed to dissipate energy by torsionally-yielding cylindrical energy
dissipaters, named yielding cores. Eight of these identical yielding cores each
attached to a torsion arm are arranged in a symmetric configuration to create the
MTHD device, as depicted in Fig. 1. To convert translational motion of the structure
to twisting in the cylindrical cores, each arm is coupled with a guiding rail, which
through a low-friction slider block guides the motion of the arm. The arms are thus
restrained to move along a predetermined path regardless of the direction of the
imposed displacement on the rail system relative to the base, creating a guided roller
hinge connection. The yielding cores are configured in an upright position around a
central column to which they are attached through a thick plate (see Fig. 1c). The plate
functions as a diaphragm in transmitting the shear and bending forces imposed by the
arms to the top part of the corresponding yielding cores, into the central column, base
plate and base anchorage; thus protecting the uniform part of the yielding core below
from significant bending and its associated shear force. The uniform part of the
yielding cores is where energy dissipation due to torsional yielding occurs.

As a general rule in shape design of a yielding dissipater, dictated by optimized
design principle, plasticization and energy dissipation should be obtained at a
minimum expense to the device, i.e., damage, i.e., plastic straining. Assuming that
the objective is to minimize the largest strain value irrespective of the extent and
distribution, this leads to uniform strain criterion. The shape should thus be
designed so as to result in uniform strains over the body of the dissipater. For a
dissipater working based on pure twist/torsion, this criterion suggests a uniform
cylinder as the optimum shape. As the shape is optimized for pure twist/torsion,
unwanted bending and shear will upset the desired uniformity in strains and thus the

Fig. 1 Multi-directional Torsional Hysteretic damper (MTHD): a isometric view showing the rail
system and base device underneath; b side view; c energy dissipation unit of MTHD: a yielding
core, as attached to other components of the device
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minimum damage objective, as laid out above. Proper functioning of base plate-
central column-diaphragm plate as a rigid support for yielding cores against
bending is thus crucial to stable and reliable performance of the device. A more
detailed description of the system is presented in [5, 6].

3 Force-Displacement Response Features of MTHD

A distinguishing feature in force-displacement response of MTHD is the geometric
hardening behavior, which is the outcome of translation-to-rotation motion con-
version mechanism in MTHD. As depicted in Fig. 2, this mechanism, working at
individual energy dissipater level, magnifies the reaction force required to balance
the torque in yielding cores. Reaction force of the device is the sum of projections of
all eight forces at slider-rail interface. Since the projection angles are independent of
displacement and depend only on orientation of rails, the hardening behavior at eight
energy dissipater level directly translates to similar behavior in global response of

Fig. 2 Working mechanism of MTHD responsible for geometric hardening

Fig. 3 Target hardening index is obtained by adjusting the arm length
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the device. The same mechanism also offers the possibility of controlling the desired
level of hardening in force-displacement response, through adjustment of the arm
length to maximum displacement ratio. This is depicted in Fig. 3. Varying levels of
hardening obtained as such, leads to hysteresis loops of different shapes as shown in
Fig. 4; As indicated on these graphs, the parameter used to characterize hardening in
MTHD is termed ‘Hardening Index’, defined as:

HI ¼ Fmax

FY
ð1Þ

where Fmax and FY stand for maximum force capacity (force at Dmax) and effective
yield force of MTHD, respectively. Analytical formulation of force-displacement
response of MTHD leads to complicated equations unfit for hand calculations.
Nevertheless, simulations have shown that assuming a certain material model for
energy dissipaters (steel grade), properly normalized form of force-displacement
curves, categorized by their HI values, are universal and can be established as the
scalable response curves for any MTHD with a specific HI, regardless of compo-
nent dimensions and force/displacement capacity but made of the same steel.
Graphs in Fig. 4 represent such curves obtained for C45 steel. Furthermore, com-
ponent friction is found to have negligible impact on the shape of normalized loops
and equations for frictionless MTHD can reliably be used to construct the curves.

4 Characteristic Properties of MTHD as Relevant
to Structural Analysis

Three parameters are necessary and enough to characterize force displacement
behavior of MTHD: either (Fmax, FY, Dmax) or (Fmax, Dmax, HI). HI (Fmax/FY) is used
to define the normalized curve (see Fig. 4) and Fmax, Dmax are used as scale factors.
In the parameter sets above, yield displacement could be an alternative to Dmax,

Fig. 4 MTHD response for different design hardening indices (HI = Fmax/FY). a force values are
normalized to FY to emphasize variation in Fmax among loops; b force values are normalized to
Fmax to emphasize shape variation of hysteresis loops among MTHDs designed for the same
maximum force
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however, displacement capacity is preferred, being more relevant in design of both
the MTHD and the structure, and also a more concretely-defined point on force-
displacement curve, as opposed to the effective yield point (see Fig. 5). Once a
hardening index is chosen by the structural engineer based on requirements of
design, geometric properties of MTHD can be easily adjusted to obtain the
demanded level of hardening, as indicated in the preceding section and depicted in
Fig. 3. This is done in design phase of the MTHD itself, which follows the structural
design of the bridge. The three parameters are therefore enough for the structural
engineer to proceed with the design without any knowledge or assumption on design
specifics of the device itself.

5 Prototype Testing

A 200 kN, 120 mm capacity MTHD was designed for prototype testing, as shown in
Fig. 6. Since design and configuration of the MTHD allows for easy replacement of
the yielding cores (energy dissipaters of MTHD), four sets of replaceable yielding
cores were produced out of S355J2+N, C45 (two sets), 42CrMo4+QT steel grades.
The device is considered a low-capacity version of its kind, as in real practice a much
higher force/displacement capacity devices are employed. Experiments on prototype
MTHD, consist of fully-reversed cyclic quasi-static displacement-controlled tests at
varying amplitudes, consisting of 1/4, 1/2 and 1.0 Dmax. After completing the test
with one steel grade, the eight yielding cores were replaced for the next phase of tests.
The most sought-after results in a quasi-static cyclic test on a seismic device are:

i. General shape of force-displacement response loops, force measurements,
effective stiffness and damping of the device,

ii. Observations on stability of response expressed in terms of the extent of var-
iation in force-displacement response loops, the maximum force and enclosed
loop area at a certain displacement range of response,

iii. Consistency of measured response with theoretical predictions.

Fig. 5 Characteristic
properties of MTHD

1224 M. Dicleli and A.S. Milani



Force-displacement response loops for nearly all of the tests are plotted in
separate figures for each type of steel used as energy dissipaters, in Fig. 7. The
graphs show a very stable cyclic response with little variation in force levels not
exceeding 4.0 % the mean value at worst which is considerably smaller than 15 %
limit prescribed by EN-15129, ASCE 07-05 and ASCE 41-06. Higher hardening in
the MTHD with 42CrMo4+QT steel and the second set of C45 steel is clearly
attributed to higher material hardening, since the rate of geometric hardening is the
same for tests with the same displacement amplitudes. Small segments are seen near
(force) zero-crossing points with a sharp drop in stiffness. These appear as sloped
lines with lower slope than the main unloading branch of the curve and resemble
the behavior characteristics of systems with gap. The cause is attributed to the
clearances at certain components of MTHD. Lowering of the manufacturing tol-
erances will reduce the size of these segments. Table 1 contains the summary of two
main properties of the damper, force and effective damping coefficient. The shown
values are average of all loops at the described displacement.

Fig. 6 200 kN, 120 mm-capacity prototype MTHD, as tested at METU: a un-displaced position,
b, c two extreme strokes of ±120 mm
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6 Summary and Conclusions

A summary of analytical and experimental studies into the behavior of a new
hysteretic damper, Multi-directional Torsional Hysteretic Damper (MTHD) is
presented. A 200 kN, 120 mm-capacity version of the device was built and tested in
UniBw Munich and also at METU. The new system is capable of reaching high
force and displacement capacities, shows high levels of damping, controllable post-
elastic stiffness and very stable cyclic response. A design methodology for the
device has also been completed recently. The work so far, has demonstrated the
prospects of the system. To further establish the new device as a technically proven
anti-seismic system, and also to optimize the design process of the device, more
tests on larger-capacity MTHDs will be required.

Fig. 7 Cyclic response of prototype MTHD with yielding cores made of three different steels:
a C45-set 1, b C45-set 2, c S355J2+N, d 42CrMo4+QT

Table 1 Measured maximum
force and effective damping
coefficient

Steel grade Dmax (mm) Fmax (kN) βeff at Dmax

C45-set 1 −113, +114 −184, +178 0.33

C45-set 2 −116, +117 −196, +204 0.33

S355J2+N −114, +114 −168, +172 0.38

42CrMo4+QT −112, +113 −198, +210 0.32
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Seismic Performance of Shear-Wall
and Shear-Wall Core Buildings Designed
for Indian Codes

Mitesh Surana, Yogendra Singh and Dominik H. Lang

Abstract The shear-wall and shear-wall cores are the most commonly used lateral
load resisting elements in mid-rise to high-rise RC buildings. The present study
focusses on estimation of seismic performance of shear-walls and shear-wall core
buildings designed for Indian codes using non-linear pushover analysis. The lit-
erature review for modelling of shear-walls is carried out and the most commonly
used models, i.e. wide column model and shell element model are validated through
the experimental results available in literature. It is observed that both the wide
column model and shell element model predict nearly the same strength capacity
for the shear-walls and shear-wall cores. However, the wide column model
underestimates while the shell element model overestimates the ductility capacity of
the shear-walls and shear-wall cores. It is also observed that the stiffness obtained
from moment-curvature analysis is in close agreement with the experimental results
while the shell element model predicts high initial stiffness and after cracking it
reduces and matches with experimental results. These validated models are
implemented for performance evaluation of “Dual Systems” designed according to
Indian code. It has been observed that buildings with shear-walls placed at
periphery have better performance than buildings with centrally placed shear-wall
core.
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1 Introduction

A wall that is subjected to lateral loads in its plane is referred as “Shear-wall”. The
extent to which this wall shares the lateral load coming on the structure is governed
by the stiffness and strength characteristics of the wall. The shear-wall enhances
strength, stiffness and ductility of the frame. The term shear-wall is actually a
misnomer as far as high rise building is concerned. The shear-walls are designed to
resist lateral forces induced by earthquakes and wind. They may be used as exterior,
interior or cores enclosing elevator shafts or stair-case. These shear-walls may be of
any shape like rectangular, angle, channel and wide flanges as shown in Fig. 1. The
shear-walls are the most commonly used as lateral load resisting elements in frame
buildings. The behavior of the shear-walls is dependent on its height to width ratio
and according to height to width ratio the shear-wall may be squat or slender. The
design of squat shear-walls is governed by shear while the design of slender shear-
walls is governed by flexure. The slender walls are most commonly used and
primarily deforms in flexure mode like a free standing cantilever as shown in the
Fig. 2.

Fig. 1 Shapes of planar and
non-planar walls

Fig. 2 Deformed shape of
shear-wall under lateral load
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2 Modelling of Shear-Walls and Shear-Wall Cores

Planar and non-planar walls are the common structural elements providing lateral
stiffness and strength in RC buildings. The modelling of walls is necessary in order
to predict their force deformation behavior. In this section different techniques of
modelling the behavior of planar and non-planar walls under seismic loading are
reviewed. The shear-walls can be modelled as either by equivalent frame elements
(EFM) or by finite element modelling (FEM). The various models available in
literature are discussed in this section.

2.1 Equivalent Frame Models of Shear-Walls

The planar and non-planar walls can be modelled using equivalent frame models.
The available equivalent frame models consist of wide column analogy and braced
frame analogy. The each of equivalent frame model has certain advantages and
limitations. This section summarizes the equivalent frame models.

2.1.1 Wide Column Analogy

The wide column model was initially developed for planar walls by Clough et al.
[1]. Later on it was extended for non-planar walls also. The wide column modelling
of shear-walls and shear-wall cores consist of assigning the properties of shear-wall
to a column, which is assigned at the centroid of the wall section as shown in the
Fig. 3. This column is connected through a rigid link which is modelled as rigid in
shear and flexure.

The designer needs axial force, bending moments and shear force in order to
design the shear-walls; hence wide column model is very easy since only frame
analysis is required. The wide column analogy has certain drawbacks also. The first
drawback is that in the wide column analogy the shear-walls are subjected to
parasitic moments since the continuous shear stresses at the edges of the wall is
modelled as equivalent nodal forces as shown in the Fig. 4. This equivalent nodal
force leads to development of additional bending moment (parasitic) in shear-walls.
This parasitic moment causes the reverse bending of the column element. A large

Fig. 3 Wide column analogy

Seismic Performance of Shear-Wall and Shear-Wall Core Buildings … 1231



number of efforts have been made by number of researchers to improve the wide
column model and to overcome its shortcomings related to parasitic bending
moments. Stafford-Smith and Abate [2], Stafford-Smith and Girgis [3] and Kwan
[4] suggested modifying the wide column model by adding bracings to the wide
column models in order to avoid the displacements due to parasitic moments.

2.1.2 Braced Frame Analogy

Stafford-Smith and Abate [2], Stafford-Smith and Girgis [3] and Kwan [4] sug-
gested that modifying the wide column model by addition of the braces to the wide
column model as shown in the Fig. 5. It can eliminate the displacements induced
due to parasitic moments. However, wide column models with braces have several
drawbacks. The first drawback is that the stiffness of the braces and the stiffness of
the column element need to be determined such that sum of the stiffness is equal to
true wall stiffness, so that the column element is no longer the direct model of the
wall section.

The second drawback is that the internal forces of the wall can no longer be
directly obtained from internal forces of the column element, but equilibrium needs
to satisfy on the entire wide column model including braces. The third drawback is
that the more number of elements and nodes are required as compared to wide
column analogy. The stiffness properties of the column (Ic, moment of inertia of the

Fig. 4 Parasitic moments in
wide column analogy

Fig. 5 Braced frame analogy
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column and Ac, area of the column and braces Ad, axial area of the diagonal brace)
are determined by the following three equations of equilibrium:

Ic ¼ tb
12

3

ð1Þ

12EIc
h3

þ 2EAd cos2 h
l

¼ btG
h

; ð2Þ

EAc

h
þ 2EAd sin2 h

l
¼ EAw

h
: ð3Þ

These equations are based on bending, shear and axial stiffness of the corre-
sponding wall section.
where
t thickness of the shear-wall
b width of the shear-wall
E modulus of elasticity
h height of the shear-wall

The wide column model with bracing is only practical for elastic analysis
because it seems very improbable to find an appropriate combination of inelastic
properties of the braces and the column element, which represent correctly the
bending moment-axial force interaction of the wall section.

2.2 Finite Element Models of Shear-Walls

The finite element model is the most widely used in three dimensional analyses of
shear-walls and shear-wall cores. The shell element which is a combination of
membrane element and plane stress element, with six degrees of freedom is com-
monly used for modelling of planar as well as non-planar walls. The damage state
of an element is dependent on the peak strains in the most critical section; hence
shell element makes use of peak strains. The ultimate strain capacity of unconfined
concrete is of the order of 0.0050 while it is of the order of 0.02 for confined
concrete. The strain capacity of confined concrete depends on a number of factors
such as confinement ratio, spacing of confining reinforcement and yield strength of
confining reinforcement. It becomes necessary while using the finite element model
that suitable strain limits should be used for concrete material model as well as steel
material model. Further, accuracy of the results in the finite element analysis is
dependent on the mesh size. A very fine meshing may lead to increase the com-
putational efforts while a coarse meshing may lead to erroneous results. In order to
get good results first sensitivity analysis should be performed and depending upon
the accuracy requirements the mesh size should be selected. A mesh size of
0.2 m × 0.2 m gives good results for the shear walls.
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3 Model Validation

In this study two U-shaped walls which were tested under quasi-static cyclic
loading by Beyer et al. [5] are validated using wide column model (equivalent
frame model) and shell element model (finite element model). During the testing of
the walls the applied axial load was kept constant; the axial load at the base of the
wall was 780 kN (including the self-weight of the wall). The axial load was applied
at the approximate centre of the gross section. The wall thickness of Test Unit A
(TUA) was 150 mm while the wall thickness of Test Unit B (TUB) was 100 mm.
The total area of the vertical reinforcement was approximately same for the two test
units (TUA: As: 3,281 mm2, TUB: As: 3,224 mm2). The material behavior of the
concrete has been modelled as the stress strain relationship by Mander et al. [6]
model. The approach by Mander et al. [6] was also used for estimating the strength
and strain capacity of the confined concrete regions. The sections and reinforcement
details of the walls are as shown in the Fig. 6. The Fig. 7 shows the different
directions of loading which consists of loading parallel to web (position A and B)
and loading parallel to flanges (position C and D).

3.1 Moment-Curvature Analysis

The moment-curvature curves have been developed for two different directions of
loading, i.e. parallel to web and parallel to flanges using the Euler’s beam theory
through section analysis, without considering any tensile strength of the concrete.
All the moments and curvatures have been plotted as positive values. These
moment-curvature curves have been converted into equivalent bilinear curves using
Caltrans idealized model. From this idealized bilinear curves the effective stiffness
is determined. The stiffness modifiers obtained from moment-curvature analysis are
shown in Table 1 and used in modelling of U-shaped RC walls which were tested
experimentally by Beyer et al. [5]. The Fig. 8 shows moment-curvature curves for
TUA and TUB under different directions of loading. From the section analysis it
has been observed that when wall is loaded in direction A or B, the wall is sym-
metric about NS axis; hence same moment-curvature curve has been obtained while
when wall is loaded in direction C (web in compression) and D (flanges in com-
pression), the wall is asymmetric about EW axis; hence different moment-curvature
curves have been obtained.

3.2 Force Deformation Curves

In order to obtain force deformation curves the pushover analysis has been per-
formed on the wall units TUA and TUB. To perform pushover analysis wide
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Fig. 6 Sections and reinforcement details of wall TUA and TUB (Beyer et al. [5])
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column model (EFM) and shell element model (FEM) has been developed in
proprietary finite element code SAP 2000, CSI [7]. The pushover analysis has been
performed in displacement control domain. The loading has been applied at the
shear centre in order to prevent twisting of the wall. The force versus displacement
has been monitored at a height of 3.35 and 2.95 m for loading parallel to web and
loading parallel to flanges, respectively according to experimental programme. The
stiffness modifiers obtained from section analysis has been used in wide column
model in order to consider the effect of the cracked section, while in case of shell
element model no modifier has been used. The actual pushover curve obtained

Fig. 7 Direction of loading
(Beyer et al. [5])

Table 1 Stiffness modifiers for different directions of loading

Position My (kN-m) ϕy (1/m) EI effective (kN-m
2) EI gross (kN-m

2) EI eff/EI gross

TUA A, B 1,500 0.0028 5.36E + 05 3.83E + 06 0.14

TUA C 1,296 0.0049 2.65E + 05 1.65E + 06 0.16

TUA D 1,111 0.0039 2.85E + 05 1.65E + 06 0.17

TUB A, B 1,522 0.0028 5.44E + 05 2.86E + 06 0.19

TUB C 1,335 0.0050 2.67E + 05 1.21E + 06 0.22

TUB D 1,075 0.0039 2.76E + 05 1.21E + 06 0.23

Fig. 8 Moment-curvature curves for different directions of loading. a TUA. b TUB
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from experimental results Beyer et al. [5] was of curvilinear shape but in this study
that curvilinear shape is approximated as an equivalent bilinear curve. The Fig. 9
shows the comparison of the force deformation curve for walls TUA and TUB
under different direction of loading using the experimental and analytical models.
The force deformation curve clearly indicates that both the EFM and FEM predicts
the strength capacities in the close agreement with as obtained from the experi-
mental results but the EFM underestimates the ductility capacity while FEM
overestimates the ductility capacity of the walls.

Fig. 9 Comparison of force deformation curves for different directions of loading using analytical
models and experimental approach. a TUA position A, B b TUB position A, B c TUA position C
d TUB position C e TUA position D f TUB position D
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4 Numerical Study and Performance of the Considered
Buildings

The buildings considered in this study consists of two artificially generated 15
storied buildings, consisting of shear walls located at the periphery of the building
(SW) and the shear wall core located centrally (SWC) with plan as shown in the
Fig. 10. The shear-wall building is symmetric about both axes while shear-wall core
building is asymmetric about longitudinal axes. These buildings are designed as per
Indian standards IS: 1893 Part 1 [8] and IS: 13920 [9] for zone V and soft soil
conditions with demand curve as shown in the Fig. 11. The Table 2 presents the
section and percentage of longitudinal reinforcement for shear-walls and shear-wall
core. The displacement controlled non-linear static analysis has been performed
with loading proportional to the fundamental mode as per ATC-40 [10] and the
performance has been evaluated using ASCE/SEI 41-06 [11]. The validated models
in previous section have been implemented in this study and Fig. 12 represents the
capacity curves for the considered buildings. It has been observed that the both
EFM and FEM have very close estimate of strength for shear-wall and shear-wall
core buildings but the EFM predicts lesser stiffness than FEM for shear-wall cores.

Fig. 10 Plan of the considered buildings. a Shear-wall building (SW) b Shear-wall core building
(SWC)

Fig. 11 Demand curves for
DBE and MCE (5 %
Damping)
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The performance of the considered buildings has been evaluated following the
displacement modification method (DMM) of ASCE/SEI 41-06 [11]. The DMM
consists of modification of the elastic displacement by constant factors which
accounts for site class, effective period (Teff) and strength and stiffness degradation
characteristics of the structural system. The target displacement is calculated as

Dt ¼ C0C1C2Sa
T2
e

4p2
g ð4Þ

where
Δt target displacement for a given hazard
C0 a factor to relate response of single degree of freedom system to multi degree

of freedom system

Table 2 Details of shear-walls and shear-wall core

Wall description Wall thickness (mm) Longitudinal reinforcement %

5 m long shear-wall 300 1.10

3 m long shear-wall 300 1.10

Shear-wall core 200 1.04

Fig. 12 Capacity curves for the considered buildings. a Shear-wall building (Longitudinal) b
Shear-wall building (Transverse) c Shear-wall core building (Longitudinal) d Shear-wall core
building (Transverse)
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C1 a factor which accounts for site class
C2 a factor to account strength and stiffness degradation characteristics of

structural system
Te effective period of vibration of system for direction under consideration and
Sa spectral acceleration at the effective period of vibration for direction under

consideration

The Table 3 represents the performance of the considered buildings obtained
from and it has been observed that for Design Basis Earthquake (DBE) level of
seismic demand both shear-wall and shear-wall core buildings have Immediate
Occupancy (IO) performance level while for Maximum Considered Earthquake
(MCE) level of seismic demand the shear wall building has Life Safety (LS) per-
formance level and shear-wall core building has Collapse Prevention (CP) perfor-
mance level.

5 Conclusions

The various modelling techniques for shear-walls and shear-wall cores have been
discussed with their limitations. The shear-walls and shear-wall cores modelled
using the frame elements and finite elements seem to be suitable for static as well as
dynamic analysis. The wide column model and shell element model are validated
using experimental results available in literature for quasi-static testing of two U-
shaped RC walls. These validated models have been implemented for shear-walls
and shear-wall cores in the present study. It has been observed that both the wide
column model and shell element model predict the strength capacities of the wall in
close agreement with the experimental results while the ductility capacity of the
walls is slightly underestimated by the wide column model and overestimated by
the shell element model. The performance of the shear-wall and shear-wall core
buildings for Design Basis Earthquake is Immediate Occupancy (IO), whereas for
the Maximum Considered Earthquake, the performance of shear-wall building is
Life Safety (LS) and shear-wall core building is Collapse Prevention (CP). Hence, it

Table 3 Performance of the considered building

Model
description

Direction Performance
point (DBE)
(mm)

Performance
level (DBE)

Performance
point (MCE)
(mm)

Performance
Level (MCE)

SW Longitudinal 238 IO 476 LS

SW Transverse 267 IO 534 LS

SWC Longitudinal 258 IO 516 CP

SWC Transverse 302 IO 604 CP

Note SW Shear Wall, SWC Shear Core Wall
IO Immediate Occupancy, LS Life Safety and CP Collapse Prevention

1240 M. Surana et al.



can be concluded that shear-wall building has performed slightly better in com-
parison to the shear-wall core building. Nevertheless, performance of both the
buildings designed for Indian code, is satisfactory.
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A Study on the Design Parameters
of the Compliant LCD for Structural
Vibration Control Under Near Fault
Earthquakes

Achintya Kumar Roy and Aparna (Dey) Ghosh

Abstract Earthquake ground motions, recorded in near-fault zones, differ from
those observed in the far-fault regions. The most important characteristics of the
near-fault ground motion is the pulse like nature with high magnitude often found
in the velocity time history along with large ground displacement which contribute
significantly to the long period content of the resulting ground motions. This
impulsive behavior is mostly caused by forward directivity effect and found in the
fault normal component of the ground motion. Again, because of the short travel
distance the ground motion is rich in high frequencies. Consequently both short
period as well as flexible structures have very high damage and collapse potential
under near-fault earthquake ground motions. Nowadays, the focus of researchers is
seismic protection of structures by the use control devices. Amongst the relatively
low-cost but reliable and effective passive control devices, the Liquid Column
Damper (LCD) has gained ground but the conventional damper is only applicable
to flexible structures. A variation of the LCD, termed the Compliant LCD (CLCD)
is found suitable for short-period structures as well. However, both LCD and CLCD
have hitherto been studied for suppression of structural vibrations due to far-field
earthquakes only. In this paper, an investigation is made into the performance of the
CLCD incorporated into a structure, modeled as a SDOF system. A simulation
study is carried out with earthquake data specified as near-fault pulse type ground
motions. The sensitivity of some of the design parameters of the CLCD to the
damper performance has also been examined. The study indicates that the CLCD is
capable of acting as a control device for such earthquake vibrations. The results of
the parametric study indicate design trends some of which are different from the
existing ones for far-field ground motions.
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Keywords Liquid column damper (LCD) � Earthquake ground motion � SDOF �
Sensitivity � Structural vibration control

1 Introduction

Near-fault ground motions containing strong velocity pulses have been identified as
imposing extreme demands on structures [3]. The near-fault earthquakes are also
rich in high frequencies because of the short travel distance. The pulse-type motion
is particular to the “forward” direction, where the fault rupture propagates towards
the site at a velocity close to the shear wave velocity, causing most of the seismic
energy to arrive at the site within a short time. The ground shaking near a fault
rupture may thus be characterized by a short duration impulsive motion that
exposes structures to a high input energy at the beginning of the record. As a result,
the structures mainly get damaged by a few large displacements. This was reported
by Bertero et al. [6] who were the first to study the effects of near-fault impulse-type
ground motion on structures after the 1971 San Fernando earthquake. They also
stated that short period structures could experience very high ductility demands
when subjected to near-fault ground motions. Since then, several researchers such
as Anderson and Bertero [2], Hall et al. [11], Alavi and Krawinkler [1], Ghobarah
[7] and others have devoted research to the study of structural response to near-fault
seismic excitation. Some researchers including Jangid and Kelly [14] and Shen
et al. [17] have investigated the effectiveness of protecting structures from the
damaging effects of near-fault ground motion by using base isolation. Ozbulut et al.
[15] have studied variable friction dampers for adaptive control of base-isolated
structures for protection against near-field earthquakes.

In recent years, considerable efforts have been made to better protect structures
from earthquakes by the incorporation of liquid dampers, which rely on the motion
of liquid in a rigid container for providing the energy dissipating characteristics.
These have gained popularity as they offer the following advantages: (1) simple
equipment, arbitrary shapes, and easy handling (2) clear mechanism and (3) near
freedom from maintenance (4) multiple uses, e.g., containers may be used as water
tanks for drinking and emergency. Specifically, the liquid column damper (LCD)
which dissipates the energy through the motion of the liquid mass in a tube-like
container fitted with orifice(s), has several more advantages such as high volumetric
efficiency with respect to a given amount of liquid, quantitative definiteness of
damping and consistent behavior across a wide range of excitation levels. Appli-
cation of LCD for flexible structures such as cable-stayed bridges, towers and tall
buildings for mitigation of wind-induced vibrations has been well-investigated by
researchers such as by Xu et al. [19], Balendra et al. [4] and Balendra et al. [5]. Won
et al. [18] and Han and Won [12], amongst a few others, studied the seismic
performance of LCDs for flexible structures. But the applicability of the damper to
stiff or short period structures is restrictive because the fundamental frequency of
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the LCD depends only on the length of the liquid column. This results in an
infeasible length of the liquid column while tuning the LCD to a short period
structure. A variation of the conventional LCD was proposed by Ghosh and Basu
[8] which is suitable for the vibration control of short period structures. This device
is an LCD connected to the structure by a spring and hence combines the advan-
tages of TMD with LCD. The efficiency of this compliant LCD or CLCD to
mitigate the structural response to far-field earthquake is well established [9, 10]. In
this work an investigation is made on the effectiveness of the CLCD in the vibration
control of structures subjected to near-fault earthquakes.

2 Modelling of Structure-CLCD System

The model of the structure-CLCD system considered is shown in Fig. 1. The CLCD
is composed of a U-tube like container with orifice(s) installed in the horizontal
portion and is connected to the structure with the help of a spring (k2) and dashpot
(c2). The tube has cross-sectional area A, horizontal dimension B, and contains
liquid of mass density ρ. The coefficient of head loss, controlled by the opening
ratio of the orifice(s), is denoted by ξ. The length of the liquid column in the tube is
denoted by L. The structure is modeled as a linear single-degree-of-freedom
(SDOF) system. The parameters of mass, stiffness and damping for the SDOF
system representing the structure are denoted by m, k1 and c1 respectively. If Mc

Fig. 1 Structure-CLCD model
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denotes the mass of the LCD container excluding the liquid mass then the total
mass of the damper system is given by (Mc + ρAL).

3 Simulation Study

3.1 Equations of Motion

As indicated in Fig. 1, the structure-CLCD system is subjected to a base acceler-
ation z

::ðt). Let x(t) denote the horizontal displacement of the SDOF structural
system with respect to the ground, �yðtÞ the horizontal motion of the container
relative to the SDOF system and u(t) the change in elevation of the liquid column.
The equation of motion of the liquid column as given by Sakai et al. [16] can be
written as

qALu
::ðtÞ þ 1

2
qAn u

: ðtÞj j u: ðtÞ þ 2qAgu(t) ¼ �qABf�:: ðtÞ þ x
:: ðtÞ þ z

::ðtÞg ð1Þ

By adopting an equivalent linearization procedure, the following equivalent
linear equation may be written to represent the nonlinear system in Eq. (1) [13]

qALu
::ðtÞ þ 2qACp _uðtÞ þ 2qAgu(t) ¼ �qABf�::ðtÞ þ x

::ðtÞ þ z
::ðtÞg ð2Þ

Here, Cp represents the equivalent linearized damping coefficient and may be
obtained by minimizing the mean square value of the error between Eqs. (1) and
(2). The expression for the equivalent damping coefficient is given by

Cp ¼ r _unffiffiffiffiffiffi
2p

p ð3Þ

In Eq. (3), r _u is the standard deviation of the liquid velocity, _uðtÞ. From Eq. (3) it
is clear that as Cp depends on r _u which is not known previously, an iterative
procedure is required to evaluate Cp. On normalizing Eq. (2) with respect to the
mass of liquid in the container, ρAL, the following is obtained.

u
::ðt)þ 2Cp

L
u
: ðt)þ x2

Lu(t) ¼ �af�y::ðt)þ x
::ðt)þ z

::ðt)g ð4Þ

where, xLð¼
ffiffiffiffiffiffiffiffiffiffi
2g=L

p Þ is the natural frequency of the oscillating liquid in the LCD
and α (=B/L) is the ratio of the horizontal portion of the damper tube to its total
length.
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The equation of motion of the mass of the SDOF system is given by

mfx::ðt)þ z
::ðt) g þ c1 x

: ðtÞ þ k1xðtÞ ¼ c2 �y
: ðtÞ þ k2�yðtÞ ð5Þ

where, fc2 �y
: ðtÞ þ k2�yðtÞg denotes the interactive force between the structure and the

damper.
The dynamic equilibrium of the whole damper system, comprising the liquid

column mass and the container mass, leads to the following equation

ðMc þ qALÞf�y::ðt)þ x
::ðt)þ z

::ðt)g þ qABu
::ðt)þ c2 �y

: ðt)þ k2�yðtÞ ¼ 0 ð6Þ

On normalizing Eq. (6) with respect to the total damper mass (ρAL + Mc), we
obtain

f�y::ðt)þ x
::ðt)þ z

::ðt)g þ a
ð1þsÞ u

::ðt)þ 2n2x2 �y
: ðt)þ x2

2�yðtÞ ¼ 0 ð7Þ

where, x2 ¼k2= qALþMcð Þð Þ is the natural frequency and
n2 ¼c2=2x2 qALþMcð Þð Þ is the damping ratio of the whole damper system con-
sidering the liquid in the container to be relatively still. Further, s ¼Mc=qALð Þ
represents the ratio of the container mass to the liquid mass.

Normalizing Eq. (5) with respect to the mass, m, of the structure leads to

fx::ðt)þ z
::ðt)g þ 2n1x1 x

: ðt)þ x2
1x(t) ¼ l̂f2n2x2 �y

: ðt) þ x2
2�yðtÞg ð8Þ

where, ξ1 and ω1 represent the damping ratio and natural frequency of the SDOF
system, respectively. The ratio of the total damper mass to that of the structure is
denoted by l̂ ¼ qAL þ Mcð Þ=mð Þ.

The solution of Eqs. (4), (7) and (8) provide the response of the structure and the
damper to a given base acceleration input.

3.2 Description of Example SDOF Structural System
and CLCD Parameters

The performance of the CLCD is studied in detail for a short period structure with
structural time period, Tn, 0.3 s and equivalent viscous damping ratio, ζ, 2 %. The
LCD design parameters may be listed as the mass ratio, l̂, the length ratio, α, the
tuning ratio, m, the ratio of the container mass to liquid mass, s, and the ratio of the
head loss coefficient to the liquid column length, ðn=LÞ. It is very important to
examine the damper performance with the variation in these design parameters to
arrive at the optimal choice of these parameters. There may be constraints such as
practical limitations regarding additional load on the structure, available space and
liquid displacement leading to part of the horizontal portion of the damper
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becoming empty. In this study, the liquid column length, L, is assumed to be 2m
and the optimum values of ðn=LÞ obtained are checked so that there is no loss of
mass coupling for the corresponding values of α. Two different values of l̂, namely
1 and 3 %, and two values of α, namely 0.5 and 0.7, are considered here. As in
Ghosh and Basu [8], the value of s is initially considered unity. The m and ðn=LÞ
values have been numerically optimized for reductions in the peak response
quantity, whether displacement or acceleration. The corresponding reductions in
rms response quantities are also computed.

3.3 Description of Near-Fault Earthquake Data

Three recorded near-fault earthquake data are considered as the base input. As the
intention of the present paper is to examine whether the CLCD can mitigate
structural vibrations arising out of near-source ground motions containing strong
velocity pulses, the selected data fall into the pulse-type category. The accelerogram
data have been accessed from the PEER Ground Motion Database. The details of
the earthquake records are shown in Table 1. Specifically, the second data has the
fling effect which is the permanent displacement of the ground and is the conse-
quence of excessive tectonic deformations due to large slip on the fault plane. As an
illustration, the velocity and displacement time histories of the first and second
records respectively are shown in Figs. 2 and 3 respectively.
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Fig. 2 Velocity time history of Loma Prieta ground motion

Table 1 Near-fault earthquake data

Sl No. Event Station PGA (g) PGV (cm/s) PGD (cm)

1. Loma Prieta Saratoga—Aloha 0.32 42.63 27.59

2. Landers Lucerne 0.73 146.77 262.73

3. 1971 San Fernando Pacoima Dam
(upper left abut)

1.226 112.5 35.5
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4 Performance Study of CLCD for Short Period Structure

By solving the equations of motion the response reductions of the example short
period SDOF structure considered are evaluated for the different parametric con-
ditions of the CLCD mentioned earlier. The results of reductions in peak and rms
displacements for the three earthquake data are presented in Tables 2, 3 and 4. The
optimum values of m and ðn=LÞ corresponding to maximum peak displacement
reductions have also been indicated in these tables.

The results in Tables 2, 3 and 4 indicate substantial displacement response
reductions by the CLCD for all the three cases of earthquake input considered for
the study. It is observed that, while in the case of far-field earthquake ground
motion, the damper performance always improves with increase in mass ratio, here
it may not be always so as seen in Table 4. The improvements in performance with
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Fig. 3 Displacement time history of Landers ground motion

Table 2 Displacement response reduction by CLCD for Loma Prieta earthquake

Parameters Mass ratio = 1 % Mass ratio = 3 %

B/L = 0.5 B/L = 0.7 B/L = 0.5 B/L = 0.7

ξ/L 115 162 275 190

Tuning ratio 0.83 0.81 0.84 0.79

Peak reduction (%) 22 18.5 22.82 31

RMS reduction (%) 9.83 18.1 30.61 32.69

Table 3 Displacement response reduction by CLCD for Landers earthquake

Parameters Mass ratio = 1 % Mass ratio = 3 %

B/L = 0.5 B/L = 0.7 B/L = 0.5 B/L = 0.7

ξ/L 2.5 0.5 72.5 498.5

Tuning ratio 0.9 0.83 1 0.98

Peak reduction (%) 33.46 32.01 45.26 47.23

RMS reduction (%) 10.30 12.19 40.07 45.35
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mass ratio for the first two records are more significant in the case of the rms
displacement response as compared to the peak displacement response. The dis-
placement time histories of the SDOF structural system, with and without CLCD,
for the case corresponding to the last column in Table 2 are shown in Fig. 4.

It is also evident from Table 3 that the CLCD is capable of controlling the
vibrations of the SDOF structural system even when subjected to the severe fling
effect contained in the Landers earthquake. The time histories corresponding to the
third column of Table 3 are presented in Fig. 5.

When the mass ratio is low the damper is effective in controlling the peak
displacement response but does not perform well in mitigating the overall response.
The latter is achieved when the mass ratio is increased to 3 % when both the peak as
well as the rms displacement responses is substantially reduced. The results in
Tables 2, 3 and 4 also indicate that higher length ratio does not necessarily ensure
better performance of the CLCD. Further, the mass ratio seems to have no effect on
the optimum tuning ratio. These observations are in contrast to the trends found in
case of far-field earthquake ground motion, where the CLCD performance improves
with higher length ratio and the optimum tuning ratio moves away from unity as the
mass ratio increases. In case of the near-field ground motion results in Tables 2, 3

Table 4 Displacement response reduction by CLCD for 1971 San Fernando earthquake

Parameters Mass ratio = 1 % Mass ratio = 3 %

B/L = 0.5 B/L = 0.7 B/L = 0.5 B/L = 0.7

ξ/L 500 500 345.5 195

Tuning ratio 0.97 0.97 0.99 0.96

Peak reduction (%) 48.45 47.72 37.75 48.3

RMS reduction (%) 43.75 43.55 40.83 46.7

Fig. 4 Displacement time histories of SDOF structure, with and without CLCD with 3 % mass
ratio and (B/L) = 0.7 for Loma Prieta input
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and 4, the optimum tuning ratio shows a general trend of moving away from unity
for higher length ratio.

Next, a sensitivity study of the damper parameters is carried out. Some repre-
sentative results for the San Fernando input motion are presented here. Figures 6, 7
and 8 indicate the variation in percent response reduction in peak displacement of
the example structural system to (ξ/L), ν and τ respectively for the specific com-
binations of μ and α considered earlier.

It is observed from Fig. 6 that the performance of the CLCD is sharply sensitive
to ξ/L but only till the optimal value. Figure 7 indicates that proper tuning is
important to ensure good performance of the damper. In all cases, the optimal

Fig. 5 Displacement time histories of SDOF structure, with and without CLCD with 3 % mass
ratio and (B/L) = 0.5 for Landers input

Fig. 6 Sensitivity of peak reduction to ξ/L for San Fernando earthquake
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tuning ratio lies between 0.95 and 1.0. Though the sensitivity of the CLCD
performance to the tuning ratio generally increases with decrease in the mass ratio,
it is again evident that for the same α and τ, higher mass ratio is not ensuring a better
performance. In Fig. 8, it is observed that for the higher mass ratio, τopt is less than
unity, while the lower mass ratio shows little sensitivity to τ.

As discussed earlier, the pulse-like ground motions induce very high accelera-
tions in the structure that can lead to sudden shear failure of the structure. Thus the
mitigation of the acceleration response of the structure subjected to such type of
ground motion is very important. The performance of the CLCD in reducing the
acceleration response of the example structure is studied and the results obtained

Fig. 7 Sensitivity of Peak reduction to ν at optimized ξ/L for San Fernando earthquake

Fig. 8 Sensitivity of peak reduction to τ at optimized ξ/L and ν for San Fernando earthquake
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have indicated that the CLCD is capable of achieving considerable acceleration
response reductions of the structure. Sample results of reductions in peak and rms
absolute acceleration responses for the first earthquake data are presented in
Table 5. The optimum values of m and ðn=LÞ corresponding to maximum peak
acceleration reductions have also been indicated therein.

The performance of the damper is also apparent from the acceleration time
histories for the structure alone subjected to the Loma Prieta earthquake and with
the CLCD with parameters corresponding to those in the last column of Table 5, as
shown in Fig. 9.

In Table 5 significant improvements are registered with the increase in the mass
ratio. Again it is noted that the length ratio does not have much of an effect on the
response reductions achieved by the damper. Also in contrast with the far-field case,
mass ratio does not seem to have any definite effect on the optimum value of the
tuning ratio. The overall trends observed in the case of the acceleration response
reduction by the CLCD match with those for the displacement response reduction.

Table 5 Acceleration response reduction by CLCD for for Loma Prieta earthquake

Parameters Mass ratio = 1 % Mass ratio = 3 %

B/L = 0.5 B/L = 0.7 B/L = 0.5 B/L = 0.7

ξ/L 143.50 158.50 498.50 271.50

Tuning ratio 0.84 0.81 0.76 0.80

Peak reduction (%) 20.93 17.70 26.91 30.02

RMS reduction (%) 19.45 17.19 26.33 31.63

Fig. 9 Acceleration time histories of SDOF structure, with and without CLCD with 3 % mass
ratio and (B/L) = 0.7 for Loma Prieta input
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5 Conclusions

The CLCD, which was hitherto found effective in controlling the vibrations of short
period structures subjected to far-field earthquake ground motions was investigated
for the possible vibration mitigation of short period structures subjected to pulse-
type near-source ground motion. The CLCD was found to achieve substantial
reductions in both the displacement as well as the acceleration responses of a short
period SDOF structural system. The CLCD was also able to control the severe fling
effect that may be present in near fault earthquake ground motions. A study on the
damper parameters yielded some observations different from those reported in case
of the far field earthquakes. Higher mass ratio does not always ensure better per-
formance. Also the mass ratio has no specific effect on the optimal tuning ratio.
Further, an increase in length ratio does not always affect the damper performance
positively as in the case of the far-field earthquake excitation. Overall, the CLCD
offers to be a very promising control device for structural vibrations due to near-
fault ground motions.
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Comparison of Performance of Different
Tuned Liquid Column Dampers (TLCDs)

Meghana Kalva and Samit Ray-Chaudhuri

Abstract Many of the modern slender and flexible structures are highly susceptible
to wind-and earthquake-induced vibrations, which may result in damage to these
structures. Of late tuned liquid column dampers (TLCD) has drawn significant
attention of researchers. In TLCD, the motion of liquid column in a U-tube con-
tainer counteracts the forces acting on the structure resulting in reduction of
structural response. The advantages of TLCD include low cost and maintenance.
There are many varieties of TLCDs proposed for vibration control. In this study, the
efficiency in vibration suppression of four different types of passive TLCDs has
been compared. These are U-shaped TLCD, liquid column vibration absorber
(LCVA), V-shaped TLCD and tuned liquid column ball damper (TLCBD). For this
purpose, the response of an SDOF system with and without TLCD is evaluated
when subjected to harmonic excitation of varying frequencies and excitation levels.
Transfer functions are evaluated for uncontrolled and controlled (i.e., with TLCD)
cases by using an equivalent linearization approach for the non-linear TLCD
damping. Further, a numerical method is also used for solving equations of motion
involving non-linear damping of TLCDs. Results are presented in terms of per-
centage reduction in SDOF system response. The results of this work demonstrate
that TLCBD has better performance when compared to other TLCDs.
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1 Introduction

Tuned systems (such as tuned mass dampers (TMD), tuned liquid dampers (TLD)
and tuned liquid column dampers (TLCD)) are used for the vibration control of tall
and slender structures. TLCD was first proposed by [1]. TLCD relies on the motion
of a column of liquid in a U-tube container to counteract the forces acting on the
structure. This device has drawn significant attention of the researchers as one type
of secondary systems. The frequency of a TLCD is tuned with the fundamental
frequency of the structure by changing the length of the liquid column in the U-
tube. Damping is introduced in the oscillating liquid column through an orifice in
the liquid passage. Unlike TMDs, the damping in TLCD is amplitude dependent
and hence the damping is non-linear. The advantages of TLCD systems include low
cost and maintenance. There are several invariants of passive TLCDs proposed by
many researchers. They are U-shaped TLCD (U-TLCD) [1], liquid column damper
with period adjustment equipment (LCD-PA) [2], liquid column vibration absorber
(LCVA) [3], U-shaped TLCD for short period structures [4], V-shaped TLCD (V-
TLCD) [3], tuned liquid column ball damper (TLCBD) [5], sealed TLCD [6], tank-
pipe damper (T-P damper) [7] and pendulum type liquid column damper (PLCD)
[8].

This paper includes the comparison of efficiency of four different types of
passive TLCDs (U-TLCD, LCVA, V-TLCD and TLCBD) in vibration suppression.
For this purpose, the response of an SDOF system with or without TLCD is
evaluated when subjected to harmonic excitation of varying frequencies and
excitation levels. Transfer functions are evaluated for uncontrolled and controlled
(i.e., with TLCD) cases by using an equivalent linearization approach for the non-
linear TLCD damping. Further, a numerical method is also used for solving
equations of motion involving non-linear damping of TLCDs. Results are presented
in terms of percentage reduction in SDOF system response. The results of this work
demonstrate that TLCBD has better performance when compared to other TLCDs.

2 Equations of Motion

SDOF System: Let us consider a linear SDOF system as shown in Fig. 1. Let ms, cs
and ks denote the mass, damping and stiffness of the system, respectively. The
system is subjected to a harmonic excitation, F(t) as shown in Fig. 1. The equation
of motion of the system can be written as

ms x
::ðtÞ þ cs _xðtÞ þ ksxðtÞ ¼ FðtÞ ð1Þ

where x
::ðtÞ, _xðtÞ, xðtÞ are the acceleration, velocity and displacement responses of

the system, respectively.
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SDOF System with U-TLCD: Let us consider a U-shaped TLCD installed on a
SDOF system. The schematic diagram showing the combined structure-TLCD is
provided in Fig. 2. The equations of motion of the structure and the liquid column
can be written as [1].

For structure:

ðms þ mdÞ x::ðtÞ þ cs _xðtÞ þ ksxðtÞ þ amd y
::ðtÞ ¼ FðtÞ ð2Þ

For liquid column:

amd x
::ðtÞ þ md y

::ðtÞ þ 1
2
qAnj _yðtÞj _yðtÞ þ kdyðtÞ ¼ 0 ð3Þ

where md and kd are the mass and stiffness of the TLCD, respectively; ρ represents
the density of liquid; ξ is the head loss coefficient; A represents the cross-sectional
area of TLCD. In Eq. 3, y

::ðtÞ, _yðtÞ and y(t) are the acceleration, velocity and
displacement responses of the liquid column, respectively. The ratio of width to the
total length of the liquid column is α(= b/L). The nonlinear damping of TLCD is
given as qAnj _yðtÞj=2. All the remaining terms are similar as previously defined.
SDOF System with LCVA: Let us consider a LCVA installed on a SDOF system.
The schematic diagram showing the combined structure-LCVA is provided in Fig. 3.
The equations of motion of structure and liquid column can be written as [3]

Fig. 1 Schematic diagram
showing a SDOF system

Fig. 2 Schematic diagram
showing U-shaped TLCD
installed on a SDOF system
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For structure:

ms x
::ðtÞ þ qAhð2mLv þ LhÞ x::ðtÞ þ cs _xðtÞ þ ksxðtÞ þ qAhmLh y

::ðtÞ ¼ FðtÞ ð4Þ

For liquid column:

qAhLh x
::ðtÞ þ qAhLee y

::ðtÞ þ 1
2
qAhnj _yðtÞj _yðtÞ þ 2qAhgyðtÞ ¼ 0 ð5Þ

where Ah and Av are the cross-sectional areas of horizontal and vertical portions of
LCVA, respectively; Lh and Lv are the horizontal and vertical lengths of the liquid
column, respectively; g is the acceleration due to gravity; b is the total width of the
LCVA; ν(= Av/Ah) is the ratio of cross sectional area of vertical and horizontal
sections of LCVA; Le(= Lh + 2Lv) is the total length of the liquid column; α(= b/Le)
is the ratio of width to the actual length of the liquid column; Leeð¼ Leðam þ ð1�
aÞÞÞ is the equivalent length of the liquid column with constant cross-sectional area.
All the remaining terms are similar as previously defined.
SDOF System with V-TLCD: Let us consider a V-shaped TLCD installed on a
SDOF system. The schematic diagram showing the V-shaped TLCD is provided in
Fig. 4. The equations of motion of the structure and the liquid column can be
written as [3]

Fig. 3 Schematic diagram
showing LCVA installed on a
SDOF system

Fig. 4 Schematic diagram showing V-shaped TLCD
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For structure:

ðms þ qALÞ x::ðtÞ þ cs _xðtÞ þ ksxðtÞ þ mslðL� jyjÞ cos b
L

y
::ðtÞ ¼ FðtÞ ð6Þ

For liquid column:

qAL y
::ðtÞ þ 1

2
qAnj _yðtÞj _yðtÞ þ qAgð1þ sin bÞyðtÞ ¼ �qAðL� jyjÞ cos b x::ðtÞ ð7Þ

where β is the angle of inclination of horizontal portion of TLCD; μ is the ratio of
mass of TLCD to that of the structure; L is the length of liquid column; A is the area
of cross-section of V-shaped TLCD. All the remaining terms are similar as previ-
ously defined.
SDOF System TLCBD: Let us consider a TLCBD installed on a SDOF system.
The schematic diagram showing the combined structure-TLCBD model is provided
in Fig. 5. The equations of motion of the structure, liquid column and ball can be
written as [5]

For structure:

ðms þ md þ Jc
R2
b

Þ x::ðtÞ þ cs _xðtÞ þ ksxðtÞ þ amd y
::ðtÞ � Jc

R2
b

z
::ðtÞ ¼ FðtÞ ð8Þ

For liquid column:

md y
::ðtÞ þ cd _yðtÞ þ 2qAgyðtÞ þ amd x

::ðtÞ ¼ 0 ð9Þ

For ball:

ðmb þ Jc
R2
b

Þ z::ðtÞ þ deq _zðtÞ ¼ Jc
R2
b

x
::ðtÞ þ deq _yðtÞ þ 2qgAbyðtÞ ð10Þ

where Jc is the mass moment of inertia of ball about its center of mass; mb, Rb and Ab

are themass, radius andmain cross-sectional area of the coated steel ball, respectively;

Fig. 5 Schematic diagram
showing TLCBD installed on
a SDOF system
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cd is the damping coefficient of liquid column; deq is the equivalent damping coeffi-
cient; z

::ðtÞ, _zðtÞ, z(t) are the acceleration, velocity and displacement response of ball,
respectively. All the remaining terms are similar as previously defined.

3 Transfer Functions

3.1 Formulation

SDOF System: The equation of motion of SDOF system as shown in Fig. 1 is
given in Eq. 1. By taking Fourier transform, Eq. 1 reduces to

�x2xðxÞ þ 2fsxsixxðxÞ þ x2
s xðxÞ ¼

FðxÞ
ms

ð11Þ

The transfer function of SDOF system is

Tf ðxÞ ¼ xðxÞ
FðxÞ ¼

1
msð�x2 þ 2fsxsixþ x2

s Þ
ð12Þ

SDOF system with U-TLCD: The equations of motion of the structure and TLCD
system as shown in Fig. 2 are given in Eqs. 2 and 3. The nonlinear damping is
replaced by equivalent linear damping Cd. The equivalent linear damping is
obtained by minimizing the square of the error between non-linear and equivalent
linear damping. Assuming the liquid has a steady state harmonic response, the
damping coefficient is obtained as Cd = (4ρAξωfWo)/3π. The frequency of external
excitation is ωf; Wo is a constant and is proportional to intensity of excitation [3].
By taking the Fourier transform, the Eqs. 2 and 3 reduces to

�x2ð1þ lÞxðxÞ þ 2fsxsixxðxÞ þ x2
s xðxÞ � x2alyðxÞ ¼ FðxÞ

ms
ð13Þ

�x2axðxÞ � x2yðxÞ þ Cd

md
ixyðxÞ þ x2

dyðxÞ ¼ 0 ð14Þ

By solving the Eqs. 13 and 14 the transfer functions of the structure and TLCD
obtained are given as

For structure:

Tf ðxÞ ¼ xðxÞ
FðxÞ ¼

1
ms

�x2 þ Cd
md
ixþ x2

d

h i

�x2ð1þ lÞ þ 2fsxsixþ x2
s

� � �x2 þ Cd
md
ixþ x2

d

h i
� x4a2l

ð15Þ
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For liquid column:

Hf ðxÞ ¼ yðxÞ
FðxÞ ¼

1
ms
ax2

�x2ð1þ lÞ þ 2fsxsixþ x2
s

� � �x2 þ Cd
md
ixþ x2

d

h i
� x4a2l

ð16Þ

SDOF system with LCVA: By considering simplified TLCD system which has
equivalent length and area of cross section same as vertical section of LCVA. The
equation of motion of the structure and LCVA system are shown in Eqs. 4 and 5.
The length of liquid column in equivalent TLCD with uniform cross sectional area
Av having same mass as LCVA is Lem; length of equivalent uniform liquid column
with cross sectional area Av that possess the same energy as TLCD is Lee. By taking
the Fourier transform the Eqs. 4 and 5 reduces to

�x2ð1þ lÞxðxÞ þ 2fsxsixxðxÞ þ x2
s xðxÞ � x2l

B
Lem

yðxÞ ¼ FðxÞ
ms

ð17Þ

�qAvLeex
2yðxÞ þ CdixyðxÞ þ 2qAvgyðxÞ ¼ x2qAvBxðxÞ ð18Þ

By solving the Eqs. 17 and 18 the transfer functions of the structure and TLCD
are obtained as

For structure:

Tf ðxÞ ¼ xðxÞ
FðxÞ

¼
1
ms
ð�qAvLeex2 þ Cdixþ 2qAvgÞ

½�x2ð1þ lÞ þ 2fsxsixþ x2
s �½�qAvLeex2 þ Cdixþ 2qAvg� � x4lqAv

B2

Lem

ð19Þ

For liquid column:

Hf ðxÞ ¼ yðxÞ
FðxÞ

¼
1
ms
x2qAvB

½�x2ð1þ lÞ þ 2fsxsixþ x2
s �½�qAvLeex2 þ Cdixþ 2qAvg� � x4lqAv

B2

Lem

ð20Þ

SDOF system with TLCBD: The equations of motion of structure, liquid column
and ball as shown in Fig. 5 are given in Eqs. 8, 9 and 10, respectively. By taking
Fourier transforms, of the equations of motion reduces to

For structure:
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� x2ðms þ md þ Jc
R2
b

ÞxðxÞ þ csixxðxÞ þ ksxðxÞ � x2amdyðxÞ

þ Jc
R2
b

x2xbðxÞ ¼ FðxÞ
ð21Þ

For liquid column:

�x2mdyðxÞ þ ctixyðxÞ þ 2qAgyðxÞ ¼ x2amdxðxÞ ð22Þ

For ball:

�x2ðmb þ Jc
R2
b

ÞxbðxÞ þ deqixxbðxÞ ¼ �x2 Jc
R2
b

xðxÞ þ deqixyðxÞ þ 2qAbgyðxÞ

ð23Þ

By solving the Eqs. 21–23 the transfer functions of the structure and TLCBD
obtained are given as

For structure:

Hf ðxÞ ¼ xðxÞ
FðxÞ ¼

ðBÞðCÞ
ðAÞðBÞðCÞ � x4a2m2

dðBÞ � x4 J2c
R4
b
ðCÞ þ x4amd

Jc
R2
b
ðDÞ

ð24Þ

For liquid column:

Gf ðxÞ ¼ yðxÞ
FðxÞ ¼

x2amdB

ABC � x4 J2c
R4
b
C � x4a2m2

dBþ x4amd
Jc
R2
b
D

ð25Þ

For ball:

Tf ðxÞ ¼ xbðxÞ
FðxÞ ¼

�x2C Jc
R2
b
þ Dx2amd

ABC � x4a2m2
dB� x4 J2c

R4
b
C þ x4amd

Jc
R2
b
D

ð26Þ

where

A ¼ �x2ðms þ md þ Jc
R2
b

Þ þ csixþ ks; B ¼ �x2ðmb þ Jc
R2
b

Þ þ deqix;

C ¼ �x2md þ ctixþ 2qAg; D ¼ deqixþ 2qAbg and E ¼ ðms þ md þ Jc
R2
b

Þ
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3.2 Results and Discussion

The SDOF system considered has mass, ms = 1 kg; stiffness, ks = 121.886 N/m and
damping ratio ζ = 0.94 %. The natural frequency of the system is ωn = 11.04 rad/s
(adopted form [9]). For the purpose of comparison, the basic properties of all
TLCDs are kept same i.e., mass ratio, length ratio, frequency ratio and head loss
coefficient. The mass ratio and length ratio are selected and the frequency ratio and
head loss coefficient are obtained from the optimal parameters given by Shum [10].
The mass ratio, length ratio, frequency ratio and head loss coefficient considered for
TLCDs are 0.01, 0.8, 0.99066 and 10, respectively. The area ratio for LCVA is
considered to be 1.5. The angle of inclination for V-TLCD is considered to be 30°.
In TLCBD, a coated steel ball with the density of 8,000- kg/m3 is used.

The comparison of transfer functions of uncontrolled and controlled system with
different TLCDs is shown in Fig. 6. The performance of U-TLCD and LCVA is
almost similar. From the transfer functions, it can be observed that performance of
U-TLCD and LCVA is unimodal type, except that of TLCBD. It can also be
observed that for TLCBD, at the frequency ratios of 0.95 and 1.05, the response of
the controlled system is more than that of the uncontrolled system. Also, TLCBD is
not effective in lower and higher frequency ranges. It can also be observed that there
is a significant reduction in the response of the controlled system with different
types of TLCDs. The percentage reduction of response at resonance for SDOF
system controlled with TLCBD is observed to be 84.47 %. For SDOF system

Fig. 6 Transfer function for
uncontrolled and controlled
system with different TLCDs
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controlled with U-TLCD and LCVA it is found to be 57.45 and 56.85 %. From this
it can be observed that at resonance, TLCBD has better performance compared to
U-shaped TLCD and LCVA.

4 Nonlinear Response

In the preceding section, nonlinear damping of TLCDs is linearized to derive the
transfer functions. In this section, for the comparison of variation in the response
due to nonlinear damping and equivalent linear damping, the equations of motion
are solved using Euler’s method. The SDOF system and TLCDs have the similar
parameters as defined in the previous section. The combined systems are subjected
to harmonic loading F(t) = Fo sin (ωt). The amplitude of excitation is the fraction of
weight of the primary system (i.e., Fo = Cmsg); C is the dimensionless force
intensity factor; msg denotes the weight of the primary system. The systems are
subjected to the loading with various intensity factors to study the effect of TLCDs
with increasing intensity of loading.

Figure 9 shows the displacement time histories of uncontrolled and controlled
systems subjected to excitation frequency ω = ωn and load intensity factor 0.001. It
can be observed that there is a significant reduction in the response of the system
with different TLCDs. It can also be observed that TLCBD is more effective in
reduction of response as observed from Fig. 8. Figure 7 shows the frequency
response curves for the controlled and uncontrolled systems for load intensity factor

Fig. 7 Frequency response
curve of SDOF system for
C = 0.001
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0.001. It can be observed that there is a significant reduction in response of the
system for all the TLCDs. The performance of the U-TLCD, LCVA, V-TLCD are
unimodal type, except TLCBD. The response of the system with TLCBD is more
than the response of the system with other TLCDs at frequency ratios of 0.95 and
1.05. At the frequency ratio 1, the performance of TLCBD is better compared to
other TLCDs. This is because, in TLCBD, there are two dynamic vibration
absorbers. The percentage reduction of response at resonance for SDOF system
controlled with TLCBD is observed to be 75.87 %. For SDOF system controlled
with U-TLCD, LCVA and V-TLCD it is found to be 65.84, 70.2 and 63.4 %,
respectively. From this it can be observed that at resonance, TLCBD has better
performance compared to U-TLCD, LCVA and V-TLCD. Further, the combined
systems are subjected to harmonic excitations with varying load intensity factors
ranging from 0.001–0.3. Figure 8 shows the variation of effectiveness of different
TLCDs with increasing force intensity factors. The result reveals that for U-TLCD,
LCVA and V-TLCD, the effectiveness reduces drastically as the intensity of
loading increases. But for TLCBD, the effectiveness of the damper reduces grad-
ually as the intensity of excitation increases. Hence, it can be concluded that
compared to all the types of TLCDs, TLCDB is effective at higher intensity of
excitations.

Fig. 8 Percentage reduction
of displacement response
using different TLCDs with
varying intensity of excitation
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5 Conclusions

The performance of four different types of passive TLCDs namely: U-TLCD,
LCVA, V-TLCD and TLCBD is compared. The TLCDs are considered to be
installed on a SDOF system subjected to harmonic excitations. From the compar-
ative study, it can be observed that TLCBD has a better performance compared to
other TLCDs at resonance. The effectiveness of TLCBD reduces at frequency ratios
around 0.95 and 1.05 compared to other TLCDs as observed from the frequency
response curves. Numerical study shows that LCVA has better performance com-
pared to U-TLCD. However, the similar performance is not observed from the
transfer functions derived due to linearization of nonlinear damping. From the
transfer functions, it can be observed that performance of U-TLCD and LCVA are
unimodal type, except that of TLCBD. It can also be observed from the transfer

Fig. 9 Displacement time histories of controlled and uncontrolled systems with different TLCDs
subjected to excitation frequency ω = ωn and load intensity factor 0.001. a U-shaped TLCD.
b LCVA. c V-shaped TLCD. d TLCBD
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function based approach and numerical study that there is a significant reduction in
the response of the controlled system with different types of TLCDs. As the
intensity of loading increases, the effectiveness of all the TLCDs reduces, with
TLCBD being most effective at higher intensities.
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Seismic Control of Benchmark
Cable-Stayed Bridges Using Variable
Friction Pendulum Isolator

Purnachandra Saha

Abstract Earthquake response of phase–II benchmark cable-stayed bridge with
variable friction pendulum Isolator (VFPI) is investigated. The performance of this
isolator is compared with traditional friction pendulum system (FPS).The seismic
response of the bridge is evaluated using the hysteretic model of these sliding
isolators. In phase-II benchmark problem, the ground acceleration is applied in any
arbitrary direction using both horizontal components of the earthquakes with a
specified incidence angle. Multi-support excitations are also considered in this
phase. A comparative performance study among these two selected sliding isolators
for seismic response of the bridge is carried out. Varying the important parameters
of VFPI, evaluation criteria of the benchmark cable-stayed bridge problem are
evaluated and optimum values of the parameters are determined. Significant
reduction in base shear, base moment and other responses are observed without
large deck displacement by using the VFPI. Comparing the evaluation criteria of the
benchmark problem, it is observed that the performance of VFPI is better than FPS.

Keywords Benchmark cable-stayed bridge � FPS � VFPI � Seismic response �
Sliding base isolation

1 Introduction

Cable stayed bridges have become popular throughout the world and are also very
important lifeline structures. The increasing popularity of these bridges among
bridge engineers can be attributed to their appealing aesthetics, full and efficient
utilization of structural materials and increased stiffness over substructure. However
this structure is susceptible to earthquake motions due to its flexibility and low
damping. For direct comparison among the different control strategies for a specific
type of structure, benchmark problems were developed. Then researchers can
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compare their various algorithms, devices and sensors for a particular structure
through same problem. On the basis of the Bill Emerson Memorial Bridge con-
structed in Cape Girardeau, Missouri, USA, benchmark problem on cable-stayed
bridge have been developed by Dyke et al. [1] in 2003. It specifies some perfor-
mance objectives from which direct comparison could be made. The control of
energy that is transmitted from the ground or foundation to the structure is one of
the most effective techniques for seismic design of structures. In recent years, there
have been significant studies on the use of frictional isolators to add damping to the
isolated structure. The performance of friction isolators is quite insensitive to severe
variations in the frequency content of the base excitation, making them very robust
[2]. This feature is the most important advantage of the friction type isolators as
compared to elastomeric bearings. The benefit of the friction isolators is that it
ensures the maximum acceleration transmissibility equal to the maximum limiting
frictional force [3, 4].

There are several types of passive control devices used by various researchers to
control the seismic response of the civil engineering structures. The sliding isolation
system, which is based on the concept of sliding friction, is one of them. Among
various friction base isolators, the Friction Pendulum System (FPS) is found to be
most attractive due to its ease in installation and simple mechanism of restoring
force by gravity action. In this isolator, the sliding and re-centering mechanisms are
integrated in single unit. The sliding surface of FPS is spherical so that its time
period of oscillation remains constant. Numerous studies had been carried out on
behaviour of FPS. Seismic control of bridge using sliding isolation was performed
experimentally by Tsopelas et al. [5]. The finite element formulation of the FPS for
seismic isolation had been carried out by Tsai et al. [6]. A systematic method for the
dynamic analysis of the continuous bridge with sliding isolation is developed by
Wang et al. [7]. Jangid [8] investigated the optimum friction coefficient of a sliding
system with a restoring force for the minimum acceleration response of a base-
isolated structure under earthquake ground motion. The performance of the opti-
mum FPS system for near-fault ground motions has been investigated by Jangid [9]
and observed that, for lower values of friction coefficient, significant sliding dis-
placement in the FPS. The seismic response of bridges isolated by elastomeric
bearings and the sliding system is investigated by Kunde and Jangid [10]. Soneji
and Jangid [11] investigated the effectiveness of elastomeric and sliding isolation
systems for the seismic response control of cable-stayed bridge. Comparative
performance of isolation systems for benchmark cable-stayed bridge is carried out
by Saha and Jangid [12] and noticed that isolator displacement is very large for
near-field earthquake (Gebze 1999 earthquake). The FPS had also been practically
used for the seismic isolation for bridges such as Benicia-Martinez Bridge, Cali-
fornia and American River Bridge, California etc. However, based on the literature
survey on FPS, it is observed that the use of spherical sliding surface of the FPS
results in several practical disadvantages. One main disadvantage is that FPS needs
to be designed for a specific level (intensity) of ground excitation. This is primarily
because the maximum intensity of excitation has a strong influence on FPS design,
even though the performance of structures isolated by FPS is relatively independent
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of the frequency content of ground motion. In general, FPS designed for a particular
intensity of excitation may not give very satisfactory performance during earth-
quakes with much lower or higher intensity. To overcome this problem, variable
sliding isolators like VFPI [13] is developed modifying the parameters of the FPS.
The success of variable sliding isolators for controlling the seismic forces leads us
to study the performance of the different variable sliding isolation systems for
phase-II benchmark cable-stayed bridge.

The aim of the present study is (i) to investigate the effectiveness of the VFPI for
seismic response control of the phase-II benchmark cable-stayed bridge subjected to
specified earthquake ground motions, and (ii) to investigate the influence of vari-
ation in important parameters of the isolators on the seismic response of the bridge.

2 Benchmark Cable-Stayed Bridge

Bill Emerson Memorial Bridge crossing the Mississippi River near Cape Girardeau,
Missouri (Fig. 1), designed by the HNTB Corporation, is the benchmark cable-
stayed bridge used for this study. As the bridge is the primary crossing of river and
is in the New Madrid seismic zone, seismic forces were strongly considered in this
bridge design.

3 Evaluation Criteria

For each control design, the evaluation criteria should be evaluated for each of the
following three earthquake records provided in the benchmark problem [14]: (i) El
Centro, recorded at the Imperial Valley Irrigation District substation in El Centro,
California, during the Imperial Valley, California earthquake of 18, May, 1940; (ii)
Mexico City, recorded at the Galeta de Campos station with site geology of Meta-
Andesite Breccia on 19, September, 1985; (iii) Gebze, Turkey, the north-south
component of the Kocaeli earthquake recorded at the Gebze Tubitak Marmara
Arastirma Merkezi on 17, August, 1999.

Fig. 1 Bill Emerson memorial bridge crossing the Mississippi River near Cape Girardeau,
Missouri
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4 Response of Bridge without Control

For a cable-stayed bridge subject to an earthquake in the longitudinal direction of
the deck, there are three response variables of interest. Those are (i) the actions on
the towers; (ii) the displacement of the deck and (iii) the variations of force in the
stays, which should be confined in the range 0:2Tf � 0:7Tf , (with Tf denoting the
failure tension) [1]. The bridge without control can assume two distinct configu-
rations: (a) a configuration in which the deck is restrained longitudinally to the main
piers; (b) a configuration in which the deck is not restrained longitudinally to the
piers and the tie in this direction is supplied only by the stays. In configuration (a)
the bridge shows limited displacements, but a high shear at the base of the towers as
well as unacceptable variations of tension in the cables. In particular these are found
in the cables anchored in the highest positions on the towers; such cables are those
with the greatest tensions. In configuration (b), even though there are maximum
values of shear and moment respectively equal to 45.6 and 58.7 % of those of
configuration (a), one sees an unacceptable sliding of the deck, with a maximum
displacement equal to 0.77 m [1].

5 Friction Pendulum System (FPS)

The FPS is a frictional isolation system that combines a sliding action and a
restoring force by geometrical properties. The FPS isolator, shown schematically in
Fig. 2, has an articulated slider that moves on a stainless steel spherical surface. As
the slider moves over the spherical surface, it causes the supported mass to rise and
provides the restoring force for the system. The natural period of the FPS depends
on the radius of curvature (rc) of the concave surface. The natural period vibration
(Tb) of a rigid mass supported on FPS connections is determined from the pen-
dulum equation:

Tb ¼ 2p
ffiffiffiffi
rc
g

r
ð1Þ

where, g is the acceleration due to gravity. The isolated period becomes active once
the friction force level of the isolator is exceeded. The ideal force-deformation

Fig. 2 Friction Pendulum System (FPS)
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behavior of FPS is also shown in Fig. 2. The resisting force (f) provided by the FPS
is given by:

f ¼ kbxb þ Fx ð2Þ

where, kb is the bearing stiffness provided by virtue of inward gravity action at the
concave surface; xb is the device displacement and Fx is the frictional force.

6 Variable Frequency Pendulum Isolator (VFPI)

A new isolator called the VFPI [15] (refer Fig. 3) incorporates the advantages of
both the friction pendulum system (FPS) and Pure-Friction (P–F) isolators. In this
isolator, the shape of the sliding surface is non-spherical and its geometry has been
derived from the basic equation of an ellipse, with its semi-major axis being a linear
function of sliding displacement. This is equivalent to an infinite number of ellipses
continuously transforming into one another such that the semi-major axis is larger
for larger sliding displacement. The performance of the VFPI is found to be very
effective for a variety of excitation and structural characteristics [15]. The most
important properties of this system are: (i) its time period of oscillation depends on
the sliding displacement and (ii) its restoring force exhibits softening behavior. The
isolator geometry is such that its frequency decreases with an increase in the sliding
displacement and asymptotically approaches zero at very large displacement. The
response of structure with the FPS increases for higher time periods, whereas the
response of the VFPI is almost independent of the structural time period [15].

The instantaneous stiffness of the VFPI [15] can be written as:

kb xbð Þ ¼ mdx
2
b xbð Þ ð3Þ

x2
b xbð Þ ¼ x2

i

1þ rð Þ2 ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ 2rð Þp

" #
ð4Þ

r ¼ xb sgnðxbÞ
d

ð5Þ

Fig. 3 VFPI
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x2
i ¼

gb
d2

ð6Þ

Ti ¼ 2p

ffiffiffiffiffi
d2

gb

s
ð7Þ

where md is the total mass of the deck; b and d are semi-minor axis and initial value
of the semi-major axis (which is greater than zero) of sliding surface; sgn xbð Þ is
incorporated to maintain the symmetry of the sliding surface about the central
vertical axis. r is the non-dimensional parameter for the sliding surface; xb xbð Þ is
the instantaneous frequency of VFPI which depends on the geometry of the sliding
surface; xi is the initial frequency of VFPI at zero isolator displacement; and Ti is
the initial time period of the VFPI.

It can be noticed that the ratio b
�
d2 governs the initial frequency of the isolator.

Similarly, the value of 1=d determines the rate of variation of isolator frequency,
and this factor has been defined as frequency variation factor (FVF) [15]. It can also
be seen from Eq. (4) that the rate of decrease of isolator frequency is directly
proportional to the FVF for a given initial frequency.

The restoring force of the VFPI is expressed by

f ¼ kbðxbÞ:xb þ Fx ð8Þ

where Fx is the frictional force in the VFPI using the hysteretic model, keeping the
parameters same as FPS; kbðxbÞ is the stiffness of the VFPI which can be deter-
mined by Eq. (3); and xb is the isolator displacement.

Thus, the modeling of the VFPI is required the specific value of the two
parameters, namely frequency variation factor (FVF) and friction coefficient lð Þ.

7 Governing Equations of Motion

The general equation of motion for a structural system subjected to seismic loads
when the excitation has a single component or when the excitation is uniformly
applied at all supports of the structure

MU
::

þCU
::

þKU ¼ �MC xg
:: þKf ð9Þ

For multiple supports,

MU
::

þC_UþKU ¼Kf� MRsþMg
� �

Ug
::

� CRsþCg
� �

_Ug ð10Þ

where U
::

½m=s2� is the second time derivative of the displacement response vector
U m½ �; M; C, and K are the mass, damping and stiffness matrices of the structure,
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f N½ � is the vector of control force inputs, xg:: m=s2½ � is the ground acceleration, C is a
vector of zeros and ones, relating the ground acceleration to the bridge degrees of
freedom (DOF), K is a vector relating the force(s) produced by the control device(s)
to the bridge DOFs [1]. Matrices Mg; Cg and Kg are the mass, damping and elastic
coupling matrices expressing the forces developed in the active DOFs by the
motion of the supports. Rs Rs ¼ �K�1Kg

� �
is the pseudo-static influence vector

which describes the influence of support displacements on the structural displace-
ments [14]. Equation (9) is used for phase II benchmark cable-stayed bridge
problem.

8 Numerical Study

A set of numerical simulation is performed in MATLAB (2002) and SIMULINK
(1997) for the specified three historical earthquakes to investigate the effectiveness
of the sliding isolation systems of the phase-II benchmark cable-stayed bridge. The
fundamental frequency of the bridge in evaluation model (a) is 3.45 s and that of
evaluation model (b) is 6.18 s. To implement the isolation systems, a total numbers
of 24 isolators were used in 8 locations between the deck and pier/bent, 3 at each
location [3]. Time history analysis is performed for the three earthquake ground
motions specified in the benchmark problem [14] to obtain the structural responses
of the bridge. For the parametric studies, normal evaluation model 2 with incidence
angle 150 has been chosen.

The important parameters of the VFPI are frequency variation factor (FVF) and
friction coefficient lð Þ. A parametric study has been performed to observe the
variation and to find out possible optimum value of FVF of the VFPI on the peak
seismic responses of the bridge. The study is carried out varying the value of FVF
from 0.01 to 100, considering the value of friction coefficient equal to 0.05. Figure 4
shows the variation of the peak seismic responses of the bridge for different values
of FVF of VFPI considering all the specified earthquakes.

It is evident from the Figure that response characteristics are changing after FVF
equal to 1.0. For Gebze (1999) earthquake, significant increase in peak responses is
noticed after that value of FVF. Therefore, frequency variation factor (FVF) of 1.0
has been chosen as optimum value which is good for all the specified earthquakes.

The results of the parametric study performed on VFPI for the effect of lð Þ on
variation of peak seismic responses of the bridge are presented in Fig. 5. The
influence of coefficient of friction on the VFPI over the response of the benchmark
bridge is investigated by varying it from 0.05 to 0.15, keeping the value of FVF as
optimum one (i.e., FVF = 1.0). From Fig. 5, it is revealed that increase in friction
coefficient of VFPI, decreases the bearing displacement and deck moment response
of the bridge for all the specified earthquakes.With the increase in friction coefficient,
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base shear response of Mexico City (1985) earthquake increases significantly. It is
observed from the Figure that higher value of lð Þ is beneficial but for this study lð Þ
equal to 0.05 which is recommended for conventional FPS is chosen.

The time variation of the base shear response (X direction) at pier 2 of the
earthquakes for the optimum parameters value considered above are shown in
Fig. 6 for VFPI. From the Fig. 6, it can be observed that around 68 % reduction for
El Centro (1940) earthquake, 42–60 % reduction for Mexico City (1985) earth-
quake and 60–64 % reduction for Gebze (1999) earthquake can be achieved by
these isolators. It can be noted that maximum reduction of base shear response in
longitudinal direction, for El Centro (1940), Mexico City (1985) and Gebze (1999)
earthquakes is achieved by this isolator.

The force-deformation behavior of the VFPI at pier 2 (tower), for the specified
earthquakes are shown in Fig. 7.

The evaluation criteria of the bridge considering the above isolation parameters
for incidence angle ðhÞ equals to 150 and 450 are shown in Table 1 for the maxi-
mum values of the evaluation criteria for all the three earthquakes. To investigate
the robustness of the control strategies, an alternate model is developed in phase-II
problem considering the snow load. The evaluation criteria of the bridge for inci-
dence angle ðhÞ equals to 150 and 450 with snow load are shown in Table 1. From

Fig. 4 Effect of frequency variation factor (FVF) of VFPI on normalized peak response of the
bridge
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Fig. 5 Effect of friction coefficient of the VFPI on normalized peak response of the bridge

Fig. 6 Uncontrolled and VFPI controlled base shear response for a EI Centro (1940), b Mexico
city (1985) and c Gebze (1999) earthquakes at pier 2
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the results presented in Table 1, it can be deduced that isolation can substantially
reduce the seismically induced responses in the bridge. Clinically comparing the
evaluation criteria Table 1, it is observed that, VFPI is more effective in reducing
the deck displacement for all the three specified earthquake considering all the cases
in this study and robust for the conditions without snow loads. The control force
produced by this variable sliding isolator to reduce the seismic response bridge is
much less than that of FPS. So we can conclude that the performance of VFPI is
better than FPS.

The results of the numerical study exhibit that for the flexible structure like
cable-stayed bridge, which is already having natural isolation by virtue of its large
fundamental period, nevertheless, the variable seismic isolation is found very much
effective in reducing seismically induced forces including superstructure displace-
ment. It is also observed that parameters of the isolators have significant effect on
the response of the bridge. Higher value of friction coefficient ðlÞ than the normal is
beneficial for securing the displacement and base shear responses of the bridge.
VFPI significantly reduces the deck displacement for all the specified earthquakes
especially Gebze (1999) earthquake but produce larger base shear than the FPS.

Fig. 7 Force deformation behavior of VFPI for a El Centro (1940), b Mexico City (1985) and
c Gebze (1999) earthquakes at pier 2
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9 Conclusions

In this study, an attempt is made to present benchmark cable-stayed bridges with
various variable sliding seismic isolators. The performance of the bridge under
different sliding isolators is investigated using the hysteretic model and the results
are tabulated in the form of evaluation criteria’s mentioned in the benchmark
problem for direct comparison. Parametric studies have been carried out by varying
the important parameters of each isolator to find out the optimum value. Based on
the investigation performed on the seismic response control of the bridge, the
following conclusions are drawn:

1. Despite being a flexible structure, significant seismic response reduction of the
bridge can be achieved by installing VFPI in the benchmark cable-stayed bridge.

2. Reduction in the base shear response of the towers is achieved about 42–68 %
for the specified isolators and earthquake ground motion.

Table 1 Evaluation criteria of bridge

Evaluation criteria Incidence angle h = 150 Incidence angle h = 450

FPS VFPI FPS VFPI FPS VFPI FPS VFPI

J1 Peak base shear (X) 0.484 0.463 0.491 0.709 0.608 0.455 0.815 0.754

Peak base shear (Z) 1.192 1.230 1.049 1.229 1.167 1.109 1.217 1.150

J2 Peak shear at deck (X) 1.648 1.298 1.370 1.328 1.367 1.273 2.370 1.374

Peak shear at deck (Z) 1.079 1.100 1.106 1.078 1.089 1.106 1.075 1.029

J3 Peak base moment (X) 0.885 0.633 0.986 0.790 0.627 0.717 0.736 0.831

Peak base moment (Z) 1.136 1.172 1.259 1.201 1.364 1.317 1.192 1.230

J4 Peak moments at deck (X) 2.629 1.638 2.531 1.143 0.886 1.571 0.891 1.069

Peak moments at deck (Z) 1.137 1.165 1.022 1.113 1.019 1.022 1.028 1.009

J5 Peak cable tension 0.362 0.279 0.351 0.232 0.276 0.277 0.313 0.266

J6 Peak deck displacement 9.049 4.800 11.218 3.717 3.041 6.157 2.191 4.348

J7 norm base shear (X) 0.623 0.538 0.662 1.057 0.541 0.612 1.318 1.283

norm base shear (Z) 1.132 1.141 1.103 1.221 1.111 1.103 2.098 1.162

J8 norm shear at deck (X) 2.140 1.441 2.196 1.829 1.553 1.543 2.743 1.858

norm shear at deck (Z) 1.002 1.003 1.037 1.014 1.035 1.038 1.097 1.019

J9 norm base moment (X) 1.490 0.786 1.582 0.881 0.653 0.913 1.042 1.053

norm base moment (Z) 1.100 1.113 1.083 1.154 1.087 1.083 1.850 1.118

J10 norm moments at deck (X) 3.560 1.544 3.771 1.647 0.977 1.799 2.229 1.958

norm moments at deck (Z) 1.216 1.216 1.048 1.012 1.046 1.049 1.033 1.024

J11 norm of cable tension 0.058 0.033 0.052 0.046 0.028 0.035 0.045 0.046

J12 peak control force (X) 0.014 0.004 0.014 0.007 0.004 0.004 0.007 0.007

peak control force (Z) 0.000 0.000 0.000 0.000 0.000 0.000 0.000 0.000

J13 max device stroke (X) 3.922 2.081 4.897 2.063 1.363 2.687 1.021 2.025

max device stroke (Z) 0.000 0.000 0.000 0.000 0.000 0.000 0.000 0.000

J16 number of control device 24 24 24 24 24 24 24 24
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3. The reduction of the seismic responses depends on the types of isolator as well
as types of earthquake ground motions.

4. Initial isolation time period has a significant effect on the seismic responses and
there exist an optimum value for the isolator but that value again depends on the
types of earthquake ground motion.

5. Comparing the values of evaluation criteria presented, it can be deduced that
VFPI significantly reduces the deck displacement for all the specified earth-
quakes especially Gebze (1999) earthquake but produce larger base shear than
the FPS.
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Energy Assessment of Friction Damped
Two Dimensional Frame Subjected
to Seismic Load

Ankit Bhardwaj, Vasant Matsagar and A.K. Nagpal

Abstract Energy based seismic analysis is expected to provide better idea for
design and damage assessment of structure subjected to seismic load compared to
displacement based analysis as former can take care of repeated plastic deforma-
tions. However, the approach based on energy concepts has not been explored in
depth. At the same time, use of dampers in structures is also being investigated in
order to protect the structures from adverse effects from earthquake. Herein, for-
mulation for energy dissipated by friction damper and energy balance approach has
been established for friction damped medium and high-rise buildings. Also, it has
been observed that friction dampers not only can reduce the input energy but also
dissipate major part of the input energy. The effect of friction damper on kinetic
energy and strain energy has also been studied.

Keywords Energy balance � Friction damper � Earthquake resistant design

1 Introduction

Friction dampers (FD) are widely accepted as a means of passive control of
structures against seismic hazard. These devices help to reduce the displacement
response of the structure during seismic event [1]. Response in terms of top floor
acceleration and base shear of the structures coupled with the FDs is also reduced
significantly. Moreover, the FDs can be replaced easily when damaged and the
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structure can retain its strength even after several earthquakes. Moreover, FDs can
be used for seismic upgradation of existing structures [2, 3].

The usefulness of the FDs in building frames for seismic response reduction has
been reported by several researchers. Pall and Marsh [4] analysed different ten-
storey frame models including one moment resisting frame (MRF), one braced
frame (BF) and one frictional damped frame (FDF). The researchers found seismic
performance of the FDF in terms of top floor displacement, base shear and top floor
acceleration better than those of the MRF and BF. Some other studies also found
improvement in the seismic performance of the structure while coupled with the
FDs [1, 5]. Few experimental study on the FDF were also conducted [6–9]. These
studies enforce the idea of using the FD because top floor displacement, base shear
and top floor acceleration of the FDF were found to be significantly reduced as
compared to the MRF.

These studies established seismic response reduction of structure using the FDF
very well. However, little work has been done on the energy balance assessment
and energy dissipation characteristics of the FDs. The energy analysis has received
attraction of researchers as it can include the effect of hysteretic cycles the structures
undergo. Thereby, it can help to assess the performance of structures much better
compared to displacement based approaches during earthquake. Hence, there is a
need to explore energy based approaches in depth [10–13]. Taking note of such
suggestions, few energy assessment studies on various kind of structures also have
been conducted [14–18]. Further, energy based design approaches have also been
proposed, which aim to reduce the input energy and maximize the energy dissipated
by supplementary damping [19, 20].

In the wake of importance of energy assessment and effectiveness of the FDs,
energy balance equation for the FDF subjected to earthquakes is established in the
present work. Furthermore, the investigation includes assessing the effectiveness of
the FDs for energy dissipation, reduction of input energy, and structural damping
energy dissipation demand by comparing with the results of the MRF and FDF.

2 Mathematical Modelling

Figure 1 shows models of multi-storey moment resisting frame (MRF), braced
frame (BF) and friction damped frame (FDF), which are subjected to the earthquake
ground motion. The governing equations of the motion for the MRF are given as:

½M�fx::g þ ½C�f _xg þ ½Kc�fxg ¼ �½M�frgðxg:: Þ ð1Þ

while the governing equations of the motion for BF are given as:
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½M�fx::g þ ½C�f _xg þ ½Kc þ Kb cos2 h�fxg ¼ �½M�frgðxg:: Þ ð2Þ

and the governing equations of the motion for FDF are given as:

½M�fx::g þ ½C�f _xg þ ½Kc�fxg þ fR0g ¼ �½M�frgðxg:: Þ ð3Þ

where M½ � is the mass matrix; C½ � is the damping matrix; Kc½ � is the column stiffness
matrix; ½Kc þ Kb cos2 h� is effective stiffness matrix due to columns and braces;
fR0g is the matrix of resisting forces offered by FDs in the horizontal direction on
each floor in the FDF; frg is influence coefficient matrix; xg

::
is ground acceleration

for single support excitation; and fx::g, f _xg and fxg are acceleration vector, velocity
vector and displacement vector, respectively. Acceleration, velocity and displace-
ment of each floor are measured relative to the ground.

Equations (1), (2) and (3) can be solved for obtaining closed form solution for
given continuous time history input. However, as the time history available is dis-
crete, Newmark’s-β average acceleration method has been used in the present study.

2.1 Energy Balance Equations

For any type of frame, the input energy of the structure must be equal to the sum of
the energy stored in the structure at that time/moment and the total energy dissi-
pated by the structure up to that moment. The structure can store energy in two
forms as strain energy and kinetic energy, while it can dissipate energy by the
means of structural damping, hysteretic damping and provided supplementary
damping. However, in the present study, structure is considered to remain in elastic
phase only as the FDs are supposed to reduce the response of the structure enough.
Hence, hysteretic damping has not been considered. Among the considered frames,

Fig. 1 MRF, BF and FDF models showing lumped mass at each storey while members have been
as taken massless
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the FDF has structural damping as well as supplementary damping in form of the
FDs. While, the MRF and BF can dissipate energy by structural damping only.
FEMA-445 [13] suggested energy balance equation for single degree of freedom
(SDOF) MRF based on work done by different active forces on the structure at the
time of motion. The equation proposed by them is:

Z t

0

mx
::
_x dsþ

Z t

0

c _x2 dsþ
Z t

0

fs _x ds ¼ �
Z t

0

mxg
::
_x ds ð4Þ

or
Zx

0

mx
::
dxþ

Zx

0

c_x dxþ
Zx

0

fs dx ¼ �
Zx

0

mxg
::
dx ð5Þ

Here, fs is resisting force in the structure; m, c and k respectively denote mass,
damping and stiffness. Equation (4) can be further modified for multi-degree of
freedom (MDOF) MRF as:

Zx

0

dxf gT ½M�fx::g þ
Zx

0

dxf gT ½C�f _xg þ
Zx

0

dxf gT ½Kc�fxg

¼ �
Zx

0

dxf gT ½M�frgðxg:: Þ
ð6Þ

while the energy balance equation for the MDOF BF can be written as:

Zx

0

dxf gT ½M�fx::g þ
Zx

0

dxf gT ½C�f _xg þ
Zx

0

dxf gT ½Kc þ Kb cos2 h�fxg

¼ �
Zx

0

dxf gT ½M�frgðxg:: Þ
ð7Þ

and the energy balance equation for the MDOF FDF can be written as:

Zx

0

dxf gT ½M�fx::g þ
Zx

0

dxf gT ½C�f _xg þ
Zx

0

dxf gT ½Kc�fxg þ
Zx

0

dxf gT R0f g

¼ �
Zx

0

dxf gT ½M�frgðxg:: Þ
ð8Þ

where dxf g is vector representing change in displacement of each floor.
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2.2 Input Energy

Input energy ðEiÞ can also be termed as the work done by the external forces on the
structure. During the seismic event, it is work done by the ground motion on the
structure. It plays very crucial role in determining structure’s behaviour during the
event. The input energy should be minimized for energy based design, while
keeping check on other energies as well. Mathematically, input energy can be
computed using several different equations. The equation used for this purpose
during the present study has been taken from equation proposed by Zahrah and Hall
[14] for single degree of freedom (SDOF). The equation proposed by them is:

Ei

m
¼ �

Z t

0

xg
::
_x dt ð9Þ

or
Ei

m
¼ �

Zx

0

xg
::
dx ð10Þ

The equation can further be modified for multi degree of freedom (MDOF)
structure as:

Ei ¼ �
Zx

0

dxf gT ½M�frgðxg:: Þ ð11Þ

After the seismic event, the structure comes to rest and no energy is stored in the
structure. In other words, all the input energy has to be equal to the total dissipated
energy. As the time history available is discrete, Eq. (11) should be modified as:

Ei ¼ �
Xn�1

0

dxf gT ½M�frgðxg:: Þ ð12Þ

where n is no. of data points in the input time history.

2.3 Energy Dissipated by Structural Damping

Energy dissipated by structural damping ðEsdÞ can be termed as work done by
structural damping force. This force acts against the motion of the structure, thereby
the work done causes energy dissipation. In the present study, viscous damping has
been considered, so the product of damping coefficient and velocity of the floor
ðC _xÞ represents structural damping force. This way, the product of damping force
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and change in displacement of floor ðC _x dxÞ represents the energy dissipated by
structural damping for SDOF structure. It can be estimated for MDOF as:

Esd ¼
Z t

0

_xf gT ½C�f _xgdt ð13Þ

or Esd ¼
Zx

0

dxf gT ½C�f _xg ð14Þ

As the time history available is discrete, Eq. (14) should be modified as:

Esd ¼
Xn
1

dxf gT ½C�f _xg ð15Þ

2.4 Energy Dissipated by FDs

No energy is dissipated when the FD undergoes stick phase or no-slip phase. On the
other hand, when the FD undergoes slip phase, energy is dissipated. In this phase,
magnitude of the force of resistance remains constant. This force is equal to the slip
load ðQÞ and always act against the relative motion of the two nodes to which the
FD is attached. Therefore, the energy dissipated by the FD is same as the work done
by the FD, that is the product of slip force and relative displacement of the nodes to
which the FD is attached ðQ: dyj jÞ. Hence, the energy dissipated by the FDs in a
MDOF system can be given as:

Efd ¼
Zx

0

dxf gT R0f g ð16Þ

or Efd ¼
Zy

0

dyf gT Rf g ð17Þ

where Rf g is a vector of force in individual FD during slip phase.
The energy dissipated by the FD should be maximised for improved perfor-

mance of the structure. It will not only restrain the structure from high displace-
ments but also reduce base shear significantly. Moreover, due to high rate of
dissipation of energy, the structure comes to rest in lesser time as compared to
structure without supplementary damping. For discrete time history, Eq. (17) should
be modified as:
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Efd ¼
Xn
1

dyf gT Rf g ð18Þ

2.5 Strain Energy

Strain energy indicates the drift or deformation in the structure or in turn the dis-
placement of the structure. Therefore, the structure must be designed to minimize the
maximum potential energy during the seismic event. The strain energy of a MDOF
systemcan be termed aswork doneby internal forces ð K½ � xf gÞ, and can be estimated as:

Es ¼
Zx

0

dxf gT ½Kc�fxg ð19Þ

or Es ¼ 1
2

xf gT ½Kc�fxg ð20Þ

Strain energy is one of the stored energies in the structure and shall be calculated
at the time of interest. On the other hand, input energy and dissipated energies,
which are computed cumulatively till the time of interest. Hence, irrespective of
continuous or discrete time history, Eq. (20) can be used.

2.6 Kinetic Energy

Kinetic energy is measure of energy stored in the structure at any time due to
motion of its mass. It can also be defined as the work done by the inertial forces
ð M½ �fx::gÞ, which can be calculated as:

Ek ¼
Zx

0

dxf gT M½ � x
::� � ð21Þ

or Ek ¼
Z t

0

_xf gT M½ �fx::gdt ð22Þ

or Ek ¼ 1
2

_xf gT ½M�f _xg ð23Þ

Similar to strain energy, Eq. (23) can be used for both continuous and discrete
time history.
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3 Numerical Study

The two dimensional models of the MRF, BF and FDF have been considered for
the purpose of numerical study. All the members have been assumed to be
weightless and mass of each storey has been assumed to be lumped equally at two
ends of the floor (Fig. 1). Sway at each floor has been considered as the only degree
of freedom associated with that floor. All diaphragms and joints have been con-
sidered to be rigid and bases are considered to be fixed for all the models. Soil-
structure interaction has been ignored and the ground motion is considered in the
plane of the structure.

Mass at each end of the floor has been taken as 25 kN and column stiffness
associated to each storey has been taken 8441.3 kN/m. The selection of these two
values ensures that the first natural frequency of the MRF model matches with the
first natural frequency of real buildings. Braces have been considered elastic with
stiffness of 21,217 kN/m in the BF however rigid in the FDF. The slip load in the
FD has been taken as 30 % of the storey weight. This value has been chosen since
the optimum slip load for the FD was observed to vary between 20 to 30 % of the
storey weight by Kaur et al. [1]. The work conducted by these researchers focused
on five-storey to twenty-storey two dimensional FDF models. The hysteretic curve
of the FD is shown in Fig. 2. Modal damping for each mode in each case has been
taken 2 % of critical damping.

All the three type of models were analysed for different storeys such as 5, 10, 15
and 20. The earthquake motions selected for the study are S00E component of
Imperial Valley earthquake, 1940; N00E component of Loma Prieta earthquake,
1989; and N90S component of Northridge earthquake, 1994 with PGA of 0:34,
0:56 and 0:60 g, respectively. Here, g is acceleration due to gravity.

Resisting force
in bracing

Displacement Displacement

Resisting force due 
to friction

Friction
displacement 

Resisting force
in FD

Rt Rt

RC RC

(a) (b) (c)

Fig. 2 Elasto-plastic force-deformation behaviour of friction damped cross-bracing a No slip
phase (bracing action). b Response due to FD only. c Combined action of bracing and FD
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4 Results and Discussion

Figure 3 shows distribution of input energy of the FDF subjected to S00E com-
ponent of Imperial Valley earthquake, 1940; N00E component of Loma Prieta
earthquake, 1989; and N90S component of Northridge earthquake, 1994. The
number of storeys taken are 5, 10, 15 and 20. The input energy is either being stored
as strain energy and kinetic energy or being dissipated due to the FD and structural
damping. It is observed that major part of input energy is being dissipated by the
FD while the contribution of structural damping has reduced enormously. On the
other hand, in absence of the FD, whole input energy has to be dissipated by the
structural damping only. This implies that the structure will dissipate energy at a
much higher rate resulting in lesser stored energy.

This way, maximum values of strain energy and kinetic energy are reduced
significantly (Fig. 4) when compared to MRF and BF. The reduction in maximum
value of strain energy indicates better protection of structure from drift and the
reduction in maximum value of kinetic energy indicates lesser panic among the
occupants of the structure. Similarly, energy dissipation by structural damping in
the FDF reduces substantially. Moreover, it is also clear from Fig. 4 that, maximum
input energy and total input energy attracted by the FDF is almost same as that of
the MRF, however less than those of the BF for most of the cases.

5 Conclusions

Energy balance equations for the MDOF FDF structures have been established in
the present study. Also, various energies have been investigated for the considered
FDF models using the same equation. The following conclusions have been arrived
at from the trends of the results obtained.

1. The friction damped frame (FDF) and braced frame (BF) attract significantly
lesser input energy for taller buildings (15 to 20 storey) as compared to the
moment resisting frame (MRF).

2. The stored energy in the FDF is significantly lesser than that in the MRF and
FDF.

3. Structural damping dissipation energy demand is much lesser in the FDF than
that in the MRF and BF.

4. Major part of energy can be dissipated by friction damper, which reduces the
chances of damage to the structure.

The study supports the idea of application of the friction dampers (FD) to reduce
the seismic hazard to the structure and suggests the use of the energy based designs
for better perception of the efficiency of the FD for the given structure for design
earthquake.
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Seismic Response Control of Multi-story
Asymmetric Building Installed
with Dampers

Snehal V. Mevada

Abstract The seismic response of linearly elastic, four-story asymmetric building
installed with various dampers is investigated by numerical simulation study. The
governing equations of motion are derived based on the mathematical model of
asymmetric building. The seismic response of the system is obtained by numeri-
cally solving the equations of motion using state space method. The peak and root
mean square response quantities obtained for the study are: lateral and torsional
displacements, lateral and torsional accelerations, base shear, base torque as well as
the control forces. The responses are obtained corresponding to the four real
earthquake ground motions. The comparative performance is investigated for
optimally designed dampers namely, semi-active magneto-rheological dampers,
semi-active variable dampers, semi-active variable friction dampers, semi-active
variable stiffness dampers and non-linear viscous dampers. The parametric studies
are carried out to derive the optimum parameters for various control devices. It is
observed that there exits an optimum parameters for various control devices such as
to have optimum compromise between lateral-torsional displacement and acceler-
ation response reduction as well as the damper capacity. Further, the implemented
control devices are quite effective in reducing the lateral-torsional responses and the
effectiveness is more in reducing the torsional responses as compared to the lateral
responses.
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1 Introduction

In the past, many researchers have investigated the seismic response of single-story
asymmetric buildings. Most of the real civil engineering structures have more than
one storey and possess irregularity in plan and/or elevation due to uneven mass and/
or stiffness distribution of the structural members. Further, a severe damage and
collapse of the multi-story asymmetric buildings has been observed during the
earthquakes occurred in past. For example, during Mexico City (1985) earthquake,
42 % of the total collapses of buildings were related to the torsional response of
asymmetric buildings [1]. Hence, there is need to reduce the seismic response of
multi-story asymmetric buildings using various control techniques. In recent past,
some researchers have investigated the seismic response of multi-story asymmet-
ricbuildings using passive, active, hybrid and semi-activedampers. For example,
effectiveness of passive dampers for multi-story asymmetric building are studied by
Jangid and Datta [2], Singh et al. [3], De La Llera and Almazan [4]. Further,
effectiveness of semi-active dampers for multi-story asymmetric building are
studied by Chi et al. [5], Yoshida and Dyke [6], Li and Li [7] and Shook et al. [8].
Although, above research work shown the effectiveness of some of the passive and
semi-active devices for the response reduction of multi-story asymmetric buildings.
However, no work has been reported to study the comparative performance of
commonly available dampers for multi-story asymmetric buildings. The specific
objectives of the study are as follows:

(i) to derive the optimum parameters for various control devices such as semi-
activeMR dampers, semi-active variable dampers, semi-active variable friction
dampers, semi-active variable stiffness dampers and non-linear viscous dampers
installed in multi-story asymmetric building such as to have optimum reduction
in various responses, and

(ii) to study the comparative performance of the above mentioned devices in
controlling lateral-torsional displacements as well as their acceleration for
multi-story asymmetric building.

2 Structural Model

The building considered for the present study is a four-story building model given
by De La Llera and Chopra [9]. The isometric view of the building is shown in
Fig. 1. The building is symmetric in x-direction and asymmetric in y-direction and
subjected to an earthquake excitation in the y-direction. The building is having
infinitely rigid floor diaphragms, where story masses are lumped and the lateral
resistance is provided by resisting planes in the x- and y-directions. The most
important feature of this structure is its irregularity in height produced by a setback
on the third story. This setback produces an offset equal to 0.125b (where, b is plan
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dimension of building along x-direction, perpendicular to direction of earthquake
motion) between the centre of mass of the first two and upper two (3rd and 4th)
stories. Because of this offset the building has lateral-torsional coupling despite its
stiffness and strength symmetry. The properties of the building are given in Table 1.
The natural periods of vibration in first three modes are obtained as 0.745, 0.635
and 0.294 s in the direction of earthquake excitation which is considered along y-
direction.

The governing equations of motion of asymmetric building system in the matrix
form are expressed as

Mu
:: þC _uþ Ku ¼ �MC ug

:: þKf ð1Þ

Fig. 1 Isometric view of
building showing lateral-
torsional degree-of-freedoms
and locations of dampers

Table 1 Properties of four-story building [9]

Parameter Value Parameter Value

Aspect ratio of plan,
a/b

0.5 Damping ratio
(each mode)

1 %

Lumped mass
of 1st floor, m1

145.72 × 103 kg Polar moment
of inertia, Ip1

21659.79 × 103 kg-m2

Lumped mass
of 2nd floor, m2

145.72 × 103 kg Polar moment
of inertia, Ip2

21659.79 × 103 kg-m2

Lumped mass
of 3rd floor, m3

116.57 × 103 kg Polar moment
of inertia, Ip3

16244.84 × 103 kg-m2

Lumped mass
of 4th floor, m4

116.57 × 103 kg Polar moment
of inertia, Ip4

16244.84 × 103 kg-m2

Lateral stiffness of
each column, kyi

5940.87 kN/m Lateral stiffness
of each column, kxi

400.14 kN/m
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where M, C and K and are mass, damping and stiffness matrices of the system,

respectively; u ¼ uy1 uy2 uy3 uy4 uh1 uh2 uh3 uh4
� �T is the displacement vector repre-

senting the relative displacements of the centre of mass (CM) of each floor in y- and h-
directions; _u is the velocity vector; u

::
is the acceleration vector; C is the influence

coefficient matrix; ug
:: ¼ ugy

::
0

� �T
is the ground acceleration vector; ugy

::
is the vector

containing the component of ground acceleration in y-direction, ugy
::
; K is the matrix

that defines the location of control devices; f ¼ fdy1 fdy2 fdy3 fdy4 fdh1 fdh2 fdh3 fdh4
� �T

is the vector of control forces in which fdy1, fdy2, fdy3 and fdy4 are the resultant damper
forces in y-direction of dampers placed at 1st, 2nd, 3rd and 4th story of building,
respectively and fdh1, fdh2, fdh3 and fdh4 are the resultant damper forces in h-direction of
dampers placed at 1st, 2nd, 3rd and 4th story of building, respectively.

The mass matrix, M is a diagonal matrix and can be expressed as,

M ¼

m1

::
m4

Ip1
::

Ip4

2
6666664

3
7777775

ð2Þ

where mi and Ipi represents the lumped mass and polar moment of inertia of ith floor
respectively, where i = 1–4.

The stiffness matrix of the system is obtained as follows,

K ¼ Ky Kyh

Khy Khh

� �
ð3Þ

where,

Ky ¼
Ky1 þ Ky2 �Ky2 0 0
�Ky2 Ky2 þ Ky3 �Ky3 0
0 �Ky3 Ky3 þ Ky4 �Ky4

0 0 �Ky4 Ky4

2
664

3
775; ð4Þ

Kyh ¼ Khy ¼
Kyh1 þ Kyh2 �Kyh2 0 0
�Kyh2 Kyh2 þ Kyh3 �Kyh3 0
0 �Kyh3 Kyh3 þ Kyh4 �Kyh4

0 0 �Kyh4 Kyh4

2
664

3
775 ð5Þ

Khh ¼
Kh1 þ Kh2 �Kh2 0 0
�Kh2 Kh2 þ Kh3 �Kh3 0
0 �Kh3 Kh3 þ Kh4 �Kh4

0 0 �Kh4 Kh4

2
664

3
775; ð6Þ
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Khi ¼
X
i

kxiy2i þ
X
i

kyix2i ð7Þ

where Kyi and Khi corresponds to the total stiffness of ith storey in y- and h-
directions, respectively; and kxi and kyi are lateral stiffness of ith column in x- and y-
directions, respectively; xi is the x-coordinate distance of ith element with respect to
CM; and yi is the y-coordinate distance of ith element with respect to CM.

The damping matrix of the system is not known explicitly and it is constructed
from the Rayleigh’s damping considering mass and stiffness proportional as,

C ¼ a0M þ a1K ð8Þ

in which a0 and a1 are the coefficients depends on damping ratio of two vibration
modes. For the building under consideration, 1 % damping is taken for vibration
modes of the system. The governing equations of motion are solved using the state
space method.

3 Model of Dampers and Control Laws

The seismic response of linearly elastic, idealized shear type four-story asymmetric
building installed with dampers is investigated by numerical simulation study. The
comparative performances of various control devices as shown in Fig. 2 are
investigated. The control devices which are considered for the investigation are:
semi-active MR dampers with clipped optimal control (SAMRDs), semi-active
variable dampers with two-step viscous algorithm (SAVDs), semi-active variable
friction dampers with predictive control (SAVFDs), semi-active variable stiffness
dampers with resetting stiffness control (SAVSDs) and non-linear viscous dampers
(NLVDs). The dampers are installed in the building at the edges such as to have
maximum torsional resistance. The capacities of dampers are selected based on the
optimum damper parameters which are derived separately for each category in the
subsequent sections.

The response quantities of interest are lateral and torsional displacements of the
floor mass obtained at the CM of respective floors (uyi and uhi), lateral and torsional
accelerations of the floor mass obtained at the CM of respective floors (uyi

::
and uhi

::
),

base shear, base torque as well as the control forces. The peak responses are
obtained corresponding to the four earthquake ground motions namely, Imperial
Valley (19th May, 1940, El Centro), Loma Prieta (18th October, 1989, LGPC),
Northridge (17th January, 1994, Sylmar CS) and Kobe (16th January, 1995, JMA)
with corresponding peak ground acceleration values of 0.31, 0.96, 0.89 and 0.82 g.
The damper forces are normalized with total seismic weight of building,
W = 5245.8 kN. The parametric studies are carried out to obtain optimum
parameters for individual dampers such as to have optimum reduction in various
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response quantities. The procedure for determining the optimum values for various
damper parameters and the approach of comparing the effectiveness of various
dampers by designing them optimally is similar to as used by He et al. [10].

In order to study the effectiveness of various control systems, the responses are
expressed in terms of index, Re defined as follows:

Re ¼ Peak response of controlled asymmetric system
Peak response of corresponding uncontrolled system

ð9Þ

The value of Re less than unity indicates that the implemented control system is
effective in controlling the responses.

3.1 Parametric Study with Semi-active MR Dampers
(SAMRDs)

Semi-active clipped-optimal control algorithm based on acceleration feedback is
used. The accelerometers (total 08 nos.) are assumed to be fixed at the left and right
edges of the floors of the building. For the design of controller, the absolute
acceleration of the ground, ugy

::
, is taken to be a stationary white noise. The control

force of damper, f is obtained as,

f ¼ aizi þ c0i( _xdi � _ydi)þ k0(xdi � ydi)þ k1(xdi � x0) ð10Þ

Fig. 2 Mathematical models of various dampers. aModel of MRD b Model of SAVD cModel of
SAVFD d Model of SAVSD e Model of NLVD [11–14]
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In the design of controller, Q and R are weighting matrices for the vector of

measured responses, ym ¼ umL1

::
umR1

::
umL2

::
umR2

::
umL3

::
umR3

::
umL4

::
umR4

::f gT and of control

forces, f ¼ fdy1 fdy2 fdy3 fdy4 fdh1 fdh2 fdh3 fdh4
� �T

, respectively, umL1

::
is the accelera-

tion measured by the accelerometer which is placed at the left side edge of 1st story
floor and so on. The measurement noise vector, v is assumed to contain identically
distributed, statistically independent Gaussian white noise processes with
Sugy:: ugy

:: =Svivi = cg = 50. The capacity of each MR damper used for this study is 200

kN. In order to determine the optimum coefficients of weighting matrices Q and R,
initially, the matrix, R is considered as unity and the matrix, Q is varied by placing
higher weightage on the response quantities. The ratios, Re are obtained for various
responses obtained at CM of respective floors such as lateral and torsional dis-
placements of 1st floor (uy1 and uh1), of 2nd floor (uy2 and uh2), of 3rd floor (uy3 and
uh3), of 4th floor (uy4 and uh4) as well as their lateral and torsional accelerations
counterparts.

The variations of Re against weighting parameter, Q are shown in Fig. 3 under
Imperial Valley earthquake. From the Figure, it can be noticed that initially with the
increase in weighting parameter, the ratio, Re for various responses decreases up to
certain limit and then increases with further increase in Q. This means there exists
an optimum value of coefficient, Q for which Re is minimum, which shows the
maximum reduction in various displacements and accelerations. Thus, for the
present study, to achieve an optimum compromise between reduction in various
responses, the suitable optimum value for Q is considered as 1011. Further, trials
have been done by keeping Q as constant (i.e. Q = 1011) and by varying the
coefficient, R. It is observed that the ratio, Re is minimum corresponding to the
value of R = 1. Thus, the optimum values of coefficients for the weighting matrices
Q and R are considered as 1011 and 1, respectively.

Fig. 3 Effect of weighting parameter Q on response ratio, Re for displacement and acceleration
responses under Imperial Valley earthquake
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3.2 Parametric Study with Semi-active Variable Dampers
(SAVDs)

The variable dampers are designed such that the supplemental damping coefficient,
Cd can be varied with respect to the displacement and velocity of the damper. The
control force of damper, f is obtained as,

f¼Cd _ud ð11Þ

The ratio between two supplemental damping coefficients, R is defined as R ¼
Cd1=Cd2 and it plays an important role in effectiveness of damper control system.
Normally, for the multi-story buildings, the top floor responses are more significant
as compared to the responses of other floors. Hence, in order to derive the suitable
and optimum value of the large damping coefficient, Cd1 for the building under
consideration, the response ratio, Re is obtained for peak values of top floor lateral
(uy4) and torsional (uh4) displacements, top floor lateral ðuy4

:: Þ and torsional ðuh4

:: Þ
accelerations. The variations of ratio, Re for above mentioned responses against
large damping coefficient (Cd1) are shown in Fig. 4.

The damping coefficient, Cd1 is varied from 0 to 3,000 kN.s/m. Figure also
shows the variation of normalized peak resultant damper force, Fd;total=W , (resultant
damper force of all (i.e. eight) dampers in lateral direction normalized with total
seismic weight of building, W = 5245.8 kN) against Cd1.

Fig. 4 Effect of supplemental damping coefficient, Cd1 on response ratio, Re for various responses
and normalized control force under different earthquakes
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It is observed from the figure that the ratio, Re for various response quantities
decreases continuously with an increase in values of Cd1. On the other hand, the
resultant damper force increases with increase in Cd1. It is further observed that the
decrease in various response quantities is rapid in the beginning and it is gradual for
a value of Cd1 > 1,000 kN.s/m. Moreover, beyond the value of Cd1 = 1,000 kN.s/m,
increase in damper force is significant which does not affect much on the reduction
of various responses. In other words, by increasing the damper capacity beyond
certain limit does not help much in improving the reduction in various responses.
Hence to achieve the optimum compromise between response reduction and
damper capacity, the supplemental damping coefficient ratio is considered as R = 2
and the large supplemental damping coefficient (Cd1) = 1,000 kN.s/m is considered
as optimum parameter.

3.3 Parametric Study with Semi-active Variable Friction
Dampers (SAVFDs)

The stiffness of each damper (kb;i) is considered as kb;i ¼ kbf ;i Horizontal Story
Stiffness; where kbf ;i is damper stiffness factor for the ith damper. The control force
of damper, f is obtained as,

f ¼ af (Gzz[k � 1]þ GfF[k � 1]þ Gg ug
::
[k � 1]) ð12Þ

The control force for the SAVFD depends on the gain matrices, Gz, Gf and Gg as
well as gain multiplier ðaf Þ which in turn depend on the stiffness of the damper ðkbÞ
and damper stiffness factor ðkbf Þ. To derive the suitable and optimum value of the
damper stiffness factor (kbf ), the response ratio, Re is obtained for peak values of top
floor lateral-torsional displacements and top floor lateral-torsional accelerations.
The variations of ratio, Re for peak values of above mentioned responses against kbf
are shown in Fig. 5. The damper stiffness factor is varied from 0 to 15. In addition,
figure also shows the variation of normalized peak resultant damper force,
Fd;total=W against kbf . It is observed from the figure that the ratio, Re for various
peak response quantities decreases continuously with an increase in values of kbf .
On the other hand, the peak resultant damper force increases with increase in kbf . It
is further observed that the decrease in various response quantities is rapid in the
beginning and it is gradual for a value of kbf > 3. Moreover, beyond the value of
kbf = 3, the increase in damper force is significant which does not affect much on
the reduction of various responses. Hence to achieve the optimum compromise
between response reduction and damper capacity, kbf = 3 is considered as optimum
parameter. Further, the value of gain multiplier is selected as 0.98 for the present
study.
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3.4 Parametric Study with Semi-active Variable Stiffness
Dampers (SAVSDs)

The resetting semi-active stiffness damper (RSASD) is considered as SAVSD. The
control force of damper, f is obtained as,

f ¼ khi(ui � uri) ð13Þ

For the stiffness damper, the effective damper stiffness (khi) plays an important
role while designing the control system. The stiffness ratio is defined as kr = khi=ksi;
where ksi is the story stiffness. The response ratio, Re is obtained for peak values of
top floor lateral-torsional displacements and lateral-torsional accelerations. The
constant parameter, aL is considered as zero as a special case as proposed by Yang
et al. [11]. The variations of ratio, Re for peak values of above mentioned responses
against kr are shown in Fig. 6. The stiffness ratio ðkrÞ is varied from 0 to 2. Figure
also shows the variation of normalized peak resultant damper force, Fd;total=W
against kr. It is observed from the Figure that with the increase in kr, the ratio, Re for
top floor lateral-torsional displacement responses decreases continuously. This
means the effectiveness of control system is more in reducing displacements with
higher values of kr. On the other hand, Re for top floor lateral-torsional accelerations
decreases initially with increase in kr and then increases with further increase in kr.
This implies that there exists an optimum range of stiffness ratio, kr in order to
achieve the optimum reduction in top floor accelerations. Hence to achieve the

Fig. 5 Effect of damper stiffness factor, kbf on response ratio, Re for various responses and
normalized control force under different earthquakes
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optimum compromise between displacement and accelerations response reduction
and damper capacity, the stiffness ratio, kr = 0.5 is considered as optimum parameter.

3.5 Parametric Study with Non-linear Viscous Dampers
(NLVDs)

For the NLVD, two important parameters are responsible for generating the force in
damper, namely, damper coefficient ðCsdÞ and damper exponent ðaÞ which is
ranging from 0.2 to 1 for seismic applications. The control force of damper, f is
obtained as,

f ¼ Csdi _udij jasgn( _udi) ð14Þ

For the present study, in order to derive the optimum value of damper coefficient
(Csd), the parametric study is carried out by varying Csd (i.e. varied from 0 to 3,000
kN.s/m) by taking damper non-linearity exponent, a = 0.35. The response ratio, Re

is obtained for peak values of top floor lateral-torsional displacements and lateral-
torsional accelerations. The variations of ratio, Re for above mentioned responses
against Csd are shown in Fig. 7. Figure also shows the variation of normalized peak
resultant damper force, Fd;total=W against Csd . It is observed that with the increase
in Csd, the ratio, Re for top floor displacement responses decreases continuously.

Fig. 6 Effect of stiffness ratio, kr on response ratio, Re for various responses and normalized
control force under different earthquakes
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This means the effectiveness of control system is more in reducing displacements
with higher values of Csd. On the other hand, Re for top floor accelerations
decreases initially with increase in Csd and then increases with further increase in
Csd . This implies that there exists an optimum range of damper coefficient, Csd in
order to achieve the optimum reduction in top floor accelerations. With the increase
in damping beyond some limit increases the stiffness of dampers and thus, stiffness
of the building increases and this result in increased acceleration responses. The
optimum coefficient, Csd is found in the range of 500–1,000 N.s/m based on above
observations. It is further observed that the decrease in various response quantities
is rapid in the beginning and it is gradual for a value of Csd > kN.s/m. Hence, to
achieve the optimum compromise between displacement and accelerations response
reduction and damper capacity, the damper coefficient, Csd = 750 kN.s/m is con-
sidered as optimum.

3.6 Comparative Performance of Various Control Devices

In the previous sections, the extensive parametric studies were carried out to derive
the optimum parameters for various control devices. Figure 8 represents the vari-
ation of uncontrolled and controlled peak lateral and torsional displacements as well
as accelerations obtained at each floor level against the story height. In general, it is
observed that, the lateral-torsional responses are lesser at ground floor and it
increases and maximum at top floor. The significant reductions in lateral-torsional

Fig. 7 Effect of damper coefficient, Csd on response ratio, Re for various responses and
normalized control force under different earthquakes
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displacements at all floor levels are observed as compared to uncontrolled case.
Further, the SAVSDs and NLVDs proved better than other devices. It is also
observed that NLVDs perform better in reducing the peak lateral accelerations at all
floor levels as compared to uncontrolled and other dampers cases. On the other
hand, SAVFDs are found better as compared to other dampers in reducing the peak
torsional accelerations at all floors and SAVSDs are less effective in reducing the
torsional acceleration responses. This is due to the fact the SAVFDs always remains
in slip state and hence smoothly reduces the response, whereas, the on-off operation
in SAVSDs produces the high frequency responses and hence not good for reducing
torsional accelerations.

In addition to the various structural responses, the peak values of base shear and
base torque are also important quantities. In order to compare the effectiveness of
various control devices in reducing the base shear and base torque, the response
ratio, Re is obtained for various cases and its variations are shown in Fig. 9. It is
noticed from the bar charts that the ratio, Re for peak and RMS values of base shear
and base torque is minimum for the building installed with NLVDs. Hence, NLVDs
are quite effective in reducing base shear and base torque.

Fig. 8 Comparison of lateral and torsional responses at all floors obtained with different control
devices under Imperial Valley earthquake

Fig. 9 Variation of response ratio, Re for base shear and base torque obtained with different
control devices under various earthquakes
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Figure 10 shows the time histories of uncontrolled and controlled top floor
lateral-torsional displacements and accelerations under Imperial Valley (1940)
earthquake. It can be seen from the time histories that all the implemented control
devices are effective in reducing the lateral-torsional responses.

4 Conclusions

The seismic response of four-story asymmetric building installed with various
control devices is investigated. The numerical study is carried out for the building
installed with optimally designed dampers. The comparative performance is
investigated for dampers namely, semi-active MR dampers (SAMRDs), semi-active
variable dampers (SAVDs), semi-active variable friction dampers (SAVFDs), semi-
active variable stiffness dampers (SAVSDs) and non-linear viscous dampers
(NLVDs). The extensive parametric studies are carried out to derive the optimum
parameters for various control devices. The response quantities obtained for the
study are: lateral and torsional displacements, lateral and torsional accelerations,
base shear as well as base torque. From the trends of the results of the present
numerical study, the following conclusions can be drawn:

1. There exits an optimum parameters for various control devices such as to have
optimum compromise between lateral-torsional displacement and acceleration
response reduction as well as the damper capacity.

Fig. 10 Time histories of various uncontrolled and controlled top floor lateral-torsional
displacements under Imperial Valley earthquake
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2. The implemented control devices are quite effective in reducing the lateral-
torsional responses and the effectiveness is more in reducing the torsional
responses as compared to the lateral responses.

3. The SAVSDs and NLVDs are more effective in controlling the lateral-torsional
displacements. However, the control forces are higher for these devices as
compared to other considered dampers. Thus, judiciary decision shall be taken
while accessing the comparative performance of various dampers.

4. The NLVDs perform better in reducing the lateral accelerations at all floor levels
as compared other dampers. On the other hand, SAVFDs are found better as
compared to other dampers in reducing the torsional accelerations of all floors
and SAVSDs are less effective in reducing the torsional acceleration responses.
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Seismic Protection of Soft Storey Buildings
Using Energy Dissipation Device

Subhransu Sekhar Swain and Sanjaya K. Patro

Abstract Poor and devastating performance of the soft storey buildings during
earthquakes always advocated against the construction of such buildings with soft
ground storey. Increasing construction of multistoried buildings with soft ground
story however indicates that the practical need of an open space to provide car
parking space far overweighs the advice issued by the engineering community. In
past, several researchers have addressed the vulnerability of soft storey due to
seismic loading. As the conventional local/member level strengthening techniques
(steel jacketing, concrete jacketing, steel caging, FRP jacketing, etc.) may not be
feasible to enhance the seismic performance of the deficient reinforced concrete
structures beyond a certain limit, the improvement of seismic performance of this
type of deficient structures by reducing the seismic demand through the supple-
mental energy dissipation mechanisms has warranted the focus of the researchers.
In recent years efforts have been made by researchers to develop the concept of
energy dissipation or supplemental damping into a workable technology, and a
number of these devices have been installed in structures, throughout the world.
The effectiveness of sliding friction damper, in improving the seismic performance
of the soft storey reinforced concrete frame building, has been investigated in this
paper. The response parameters, such as absolute acceleration, interstorey drift and
base shear have been investigated for the example soft storey frame equipped with
friction damper. The present study demonstrates the effectiveness of the friction
damper in controlling the response behavior of the soft storey frame building due to
significant energy dissipation by the friction damper at the soft storey level.
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1 Introduction

Current trends of urbanization is witnessing construction of multi-storeyed build-
ings with open ground floor reserved for parking or other utility services. These
buildings are designed as reinforced concrete frame structures without considering
the effect of structural action of the masonry infill walls present in the upper floors.
The absence of masonry infill walls at the ground story level of a reinforced
concrete building introduces sudden discontinuities in the lateral strength and
stiffness along its height, as masonry infill walls in the upper floors make those
floors substantially stiffer against lateral load (e.g. earthquake) compared to ground
floor rendering these buildings into soft story buildings. As per Indian standard
code of practice a soft storey is one in which the lateral stiffness is less than 70 % of
that in the storey above or less than 80 % of the average lateral stiffness of the three
storeys above [1]. Different national codes differ in considering the role of masonry
infill while designing the reinforced concrete frames. A very few codes, e.g. the
New Zealand and Russian codes, specifically recommend isolating the masonry
infill from the reinforced concrete frames such that the stiffness of masonry infill
does not play any role in the overall stiffness of the frame. As a result, masonry
walls are not considered in the analysis and design procedure. However, con-
struction of such a building with isolated masonry infill wall requires high con-
struction skill and may not be appropriate for the developing nations, where
demand for cheaper housing is very high.

Studies on Bhuj earthquake [2] indicate that about 2350 G+4 and G+10 storey
buildings having soft storey at the ground floor suffered structural damage in urban
areas within 250 km of the epicenter. A large number of reinforced concrete
buildings in urban areas near the epicenter collapsed whereas most of the buildings
experienced structural damage resulting in numbers of causalities. Such poor and
devastating performance of the soft storey buildings during earthquakes always
advocated against the construction of such buildings with soft ground floor.
Increasing construction of multistoried buildings with soft ground story however
indicates that the practical need of an open space to provide car parking space far
overweighs the advice issued by the engineering community. Hence the need for
strengthening the buildings with the unavoidable soft storeys has gathered attention
of researchers.

Several researchers have addressed the problem of soft storey from different
angles in recent past. One approach to address the problem is in (a) increasing the
stiffness of the first storey such that the first storey is at least 50 % as stiff as the
second storey, i.e., soft first storeys are to be avoided, and (b) providing adequate
lateral strength in the first storey. The possible measures to achieve the above are (i)
provision of stiffer columns in the first storey, and (ii) provision of a concrete service
core in the building. The former is effective only in reducing the lateral drift demand
on the first storey columns. However the latter is effective in reducing the drift as
well as the strength demands on the first storey columns [3]. Structural behavior of
low-to-midrise concrete buildings of various configurations with emphases on
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dynamic properties, internal energy, and the magnitude and distribution of seismic
load has also been studied [4]. Several idealized models were made to represent
different structural configurations including pure frame, frames with fully or partially
infilled panels, and frames with a soft story at the bottom level, and comparisons
were made on the fundamental periods, base shear, and strain energy absorbed by the
bottom level between these structures.

From a seismic point of view, soft story is found to be dangerous, because the
lateral response of these buildings is characterized by a large rotation ductility
demand concentrated at the extreme sections of the columns of the ground floor,
while the superstructure behaves like a quasi-rigid body [5]. Response spectra of
elastic SDOF frames with nonlinear infills show that, despite their apparent stiff-
ening effect on the system, infills reduce spectral displacements and forces mainly
through their high damping in the first large post-cracking excursion [6].

Indian seismic code requires members of the soft storey to be designed for 2.5
times the seismic storey shears and moments, obtained without considering the
effects of masonry infill in any storey. As the local/member level strengthening
techniques (e.g. steel jacketing, concrete jacketing, steel caging, FRP jacketing, etc.)
may not be economically viable to enhance the seismic performance of the deficient
reinforced concrete structures beyond a certain limit, the seismic performance of this
type of deficient structures can be improved by reducing the seismic demand through
the supplemental energy dissipation mechanisms. In recent years efforts have been
made by researchers to develop the concept of energy dissipation or supplemental
damping into a workable technology, and a number of these devices, such as friction
dampers, viscoelastic dampers, viscous dampers, metallic dampers, aluminium shear
links [7] and bracing elements have been installed in structures for passive energy
dissipation in the global (i.e., structure-level) modification techniques throughout the
world. However, very limited research has been done on strengthening of soft
storeyed reinforced concrete framed building using passive energy dissipation
devices. The effectiveness of one such passive energy device, i.e. sliding friction
damper, in improving the seismic performance of the soft storey reinforced concrete
frame building has been investigated in this chapter. The background on the char-
acteristics, working principles and behavior of sliding friction device or friction
damper is given below.

2 Background of Sliding Friction Device and Its Modeling

Friction damper dissipates energy through friction forces. These dampers rely on
the resistance developed between moving solid interfaces to dissipate a substantial
amount of input energy in the form of heat. During severe seismic excitations, the
friction damper slips at a predetermined load, providing the desired energy dissi-
pation by friction while at the same time shifting the structural fundamental mode
away from the earthquake resonant frequencies.
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Pall et al. [8] developed limited slip bolts (LSB) for the seismic control of
precast and cast-in-place concrete walls. The LSB incorporates brake lining pads
between steel plates. Experimental results have shown [9] that the hysteretic
behaviour of the slipping friction joints is reliable and repeatable, and approaches a
rectangular hysteretic loop with negligible degradation over many more cycles than
encountered in successive earthquakes. Pall and Marsh [9] showed that the friction
joints should be tuned in order to optimize seismic performance. However, the
study considered only one earthquake record and hence the influence of the seismic
excitation on the efficiency of the proposed structural system was not addressed.

Braced frames are an economical solution for the control of lateral deflections
due to wind and moderate earthquakes. However, during severe ground motion,
these structures do not perform well. Pall [10] has proposed friction devices that can
be installed at the intersection of steel bracing. These devices aim at solving the
drawbacks encountered in the performance of steel bracing. The device is designed
not to slip under normal service loads and moderate earthquakes. During a severe
earthquake, the device slips at a predetermined load, before yielding occurs in the
other structural elements of the frame. Filiatrault and Cherry [11–13] conducted
further experimental and analytical studies on the application of the friction device
for cross bracing proposed by Pall. They have developed design spectrum that takes
into account the properties of the structure and of the ground motion based on their
investigation.

FitzGerald et al. [14] and Grigorian et al. [15] have developed simpler type of
friction device referred to as slotted bolted connection (SBC). They have chosen
brass as the frictional material and a Belleville washer beneath the nut may be used
as a mechanism to counteract wear due to friction, preventing the loss of the
clamping force. Martinez-Rueda [16] proposed the geometry of bracing systems
that favour the activation of rotational hysteretic devices at discrete locations of the
braces. The adopted geometry eliminates the inconvenience due to cross-chevron
bracings to the designer.

The investigations by various researchers indicate that the ratio of the initial slip
load to the yielding force of corresponding structural storey has significant influ-
ence on its ability to reduce seismic response [17]. They noted that in the devel-
opment of friction dampers, it is important to minimize stick-slip phenomena to
avoid introducing high frequency excitation. The effectiveness of these systems
mostly relies on the modelling of devices and their implementation in numerical
solution process because of its highly nonlinear behaviour. The devices differ in
their mechanical complexity and the materials used in the sliding surfaces.

Compatible materials must be employed to maintain a consistent coefficient of
friction over the intended life of the device. Most friction devices mounted on
bracings utilize sliding interfaces consisting of steel on steel, brass on steel, or
graphite impregnated bronze on stainless steel. In general, the systems involving
friction has been idealized as Coulomb’s friction in frame structures. Numerous
efforts have been made by various researchers to arrive at a theoretical explanation
of variation of friction forces when relative motion impends in past and at present.
The proportionality factor (or friction coefficient) in Coulomb model is considered

1314 S.S. Swain and S.K. Patro



to be a constant. The dependence of friction coefficient on slip velocity, normal
load, and history of motion, has received considerable attention in the recent past
[18–23]. De La Cruz et al. [24] have presented comparison between numerical and
experimental dynamic responses of building structures equipped with friction-based
supplemental devices for Coulomb’s friction model subjected to earthquake loads
to access the seismic efficiency of structures. Friction dampers differ in their
mechanical property based on the materials used in the sliding surface. These
dampers possess good characteristics of structural behavior. For analysis point of
view, the idealized Coulomb friction model has been adopted in this study.

2.1 Coulomb Friction Model

This is the most frequently used model, proposed over 200 years ago and is rep-
resented in Fig. 1. In this model, the coefficient of friction remains constant and the
friction force is expressed as

F ¼ l FN sgnðu: Þ ð1Þ

where FN is the normal load on the sliding surface, F is the frictional resistance,
which same for both stick and sliding stage, l is the coefficient of friction, u

:
is

relative sliding velocity, and sgn(u
:
) is the signum function that assumes a value of

+1 for positive sliding velocity and −1 for negative sliding velocity. This signum
function determines the direction of sliding.

Fig. 1 Friction force variation with sliding velocity for Coulomb friction model
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3 Mathematical Formulation

The mathematical formulation of multi-degree-of-freedom (MDOF) frame structure
with friction slider mounted on Chevron brace (Fig. 2) has been presented herein
[25]. The structure is considered as a two-dimensional (2-D) shear building. Two
degrees-of-freedom are present on each floor, corresponding to the horizontal
displacement of the storey and the brace with damper relative to the ground, as
shown in Fig. 2a. Simple friction energy-dissipation dampers with slotted bolted
connection (SBC) has been considered, where the sliding plate within the vertical
plane is connected to the centerline of beam soffit as shown in Fig. 2b. The sliding
plate having slotted holes is sandwiched between two clamping plates. The
clamping plates are rigidly mounted on the Chevron brace and connected to the
sliding plate through prestressing bolts. The slotted holes facilitate the sliding of the
sliding plate over the frictional interface at constant controllable prestressing force.
In the formulation of the MDOF structure, the structure degrees-of-freedom is
denoted with subscript f and the brace with damper degrees-of-freedom with sub-
script d. Two lumped mass models, one for the free frame structure and another for
the brace with damper, are required to idealize the dynamic behavior of the
structure.

Through the entire solution process, the equations of motion is split into two
subsets with sub-indices st representing the stick phase (non-sliding phase) and sl
representing the sliding phase respectively. The motion of any storey of the structure
consists of either of two phases: (1) non-sliding or stick phase wherein the stick
frictional resistance (Fst) between the floor and the damper has not been overcome,
and (2) sliding or slip phase in which sliding frictional resistance (Fsl) exceeds and
the friction force, and acts opposite to the direction of the relative velocity between

Fig. 2 Schematic diagram of building with supplemental damping systems. a Damper added
building MDOF system with damper. b Details of friction damper
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the floor and friction damper. Linear behavior of structure with friction dampers is
assumed at both stick and sliding stage of response. The overall response for each
storey consists of series of non-sliding and sliding phases. The number of active
degree of freedom ranges between N (all the dampers in non-sliding phase) and
2 N (all dampers are in sliding phase). If the total number of non-sliding floors are
denoted by nst and total number of sliding floors nsl, then the total number of degrees
of freedom at any instant of time is equal to nst þ 2� nsl.

The generalized governing equations of motion in matrix form can be given as:

M€ustþsl þ C _ustþsl þKustþsl ¼ �Mr€ug � Ffþsl ð2Þ

where M, C, and K are the mass, damping and stiffness matrices, respectively, r is
the force-influence vector, u represents the displacement degrees of freedom rela-
tive to the base of the structure and ug is the ground displacement. The over dot
represent derivatives with respect to time. The friction force vector is represented as
F, and the matrices are given as:

M ¼ Mf 0

0 Md

� �
; C ¼ Cf þ Cd2 Cd3

ðCd3ÞT Cd1

" #
; K ¼ Kf þKd2 Kd3

ðKd3ÞT Kd1

" #
;

ustþsl ¼
uf ;stþsl

ud;stþsl

� �
; r ¼

rf

rd

( )
; F ¼

þFfþsl

�Ffþsl

( )
; rf ¼ 1; rd ¼ 1

ð3Þ

where

Md ¼
md1 0 0

0 . .
.

0

0 0 mdN

2
664

3
775;

Cd1 ¼
cd1 0 0

0 . .
.

0

0 0 cdN

2
664

3
775; Cd2 ¼

cd2 0 0

0 . .
.

cdN 0

0 0 0

2
664

3
775; Cd3 ¼

0 �cd2 0

0 0 . .
. � cdN

0 0 0

2
664

3
775;

Kd1 ¼
kd1 0 0

0 . .
.

0

0 0 kdN

2
664

3
775; Kd2 ¼

kd2 0 0

0 . .
.

kdN 0

0 0 0

2
664

3
775; Kd3 ¼

0 �kd2 0

0 0 . .
. � kdN

0 0

2
664

3
775

ð4Þ

In the above equations, Mf , Cf , and Kf are the N × N mass, damping and
stiffness matrices of the structure excluding the bracing members, Md , Cd1, Cd2,
Cd3, Kd1, Kd2 and Kd3 are N × N mass, damping and stiffness matrices of the brace
with friction damper, respectively. The damping property of the free frame
(excluding the brace with damper) structure may be different from the same of the
brace with damper. So the complete structure is non-classical damped system. The
non-classical damping matrix [C] for the structure is developed by first evaluating
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the classical damping matrix for the free frame, [Cf ], based on the damping ratios
appropriate for the structure [26].

The structure and the brace DOFs at any storey satisfy the following conditions
during the stick phase:

u
::
f ;st ¼ u

::
d;st

_uf ;st ¼ _ud;st
uf ;st � ud;st ¼ constant

ð5Þ

In Eq. (2), stick or non-sliding phase of a particular floor requires that the
corresponding friction force satisfy the equation,

Ff ;st

�� ��\Fst ð6Þ

where the friction force vector consisting of the friction force in all the dampers is
given by:

Ff ;st ¼ Mf ;stuf ;stþsl þMf ;strf ug
:: þðCf ;st þ Cd2;stÞ _uf ;stþsl

þ Cd3;st _uf ;stþsl þ ðKf ;st þKd2;stÞuf ;stþsl þKd3;stud;stþsl
ð7Þ

In Eq. (7), Ff ;st is the vector of frictional resistance of all friction dampers at stick
stage. When the inequality in Eq. (6) is not satisfied for any floor, that floor enters
into the sliding phase. Then the corresponding brace degree-of-freedom at the floor
level also becomes active in the equations of motion.

The direction of sliding of a brace degree of freedom can be expressed by the
following relationship:

sgn( _uf � _udÞ ¼ � Ff ;st max

Ff ;st max

�� �� ð8Þ

The response of the structure always starts in the stick phase. This phase of
response continues until the unbalanced frictional resistance of any floor exceeds
the maximum frictional resistance of the brace with damper at that floor. It is
important to note that the number of storeys experiencing stick and sliding con-
ditions varies continuously through the entire response phase. When the relative
sliding velocity ( _uf � _ud) at any floor becomes zero or changes its sign during
motion, then the brace with damper at that storey may enter the stick phase/or non-
sliding phase. It may reverse its direction of sliding or have a momentary halt and
continue in the same direction. The status of motion during transition phase can be
evaluated from Eq. (6). The equations of motion corresponding to the appropriate
stick or sliding are evaluated during the next time-step.
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4 Solution Procedure

The complete solution consists of a series of non-sliding and sliding phase at each
storey level following one to other which makes the system highly non-linear. These
equations can be numerically solved using appropriate non-linear solution tech-
niques. Among the many methods one of the most effective is the step-by-step direct
integration method. This problem is solved by modification of step-by-step linear
acceleration method. During the solution of such non-linear equations, accuracy of
the result is extremely sensitive to the change in phase of motion from non-sliding to
sliding and vice versa. This can be taken care by subdividing the chosen time interval
whenever change in phase is anticipated. These can possible for single point sliding
system. But for multi-point sliding system this will be very complex. In this solution
process, the response is evaluated at successive increment D t (10−4 s) of time,
usually taken of equal length of time for computational convenience. At the
beginning of each interval, the condition of dynamic equilibrium is established.

The equation of motion in matrix form at a particular ith time step can be divided
into two equations: (1) equation at the degree-of-freedom on the level of floor, and
(2) equation at the degree-of-freedom on the level of damper. The response at i + 1
time step can be computed from the known response at the ith time step. It is
initially assumed that the sticking-sliding conditions in the damper at instant i are
the same at i + 1. The complete solution consists of three nested iteration loops with
coupling quantities uf ;iþ1; ud;iþ1; _uf ;iþ1; _ud;iþ1 and Ff ;iþ1

� �
and the estimated

unbalanced frictional resistance as well as estimated acceleration Ff ;st;iþ1
� �

temp;
	

uf ;iþ1
� �

temp; ud;iþ1
� �

tempÞ at step i + 1. Initially at i + 1 floor displacement, damper

displacement, floor velocity, damper velocity with assumed initial estimated
quantities of floor and damper acceleration can be obtained. The new estimated
floor acceleration can be obtained from the equation at the degree-of-freedom on the
level of floor, which is first iteration loop. In second iteration unbalanced frictional
resistance will be found from equation of motion corresponding to degree-of-
freedom at the level of damper. Through the third iteration, brace with damper
acceleration can be calculated from the equation at the degree-of-freedom on the
level of damper. Iterations will continue until the convergence to the tolerance error
(10−4) between new and old estimated quantities. Thus, after the fulfillment of the
established conditions for the above iteration loops, the sliding-sticking condition
Eq. (6) at the each floor level must be checked before going to the next instant.

5 Performance Indices for Structural Response

To characterize the seismic efficiency of friction dampers, three dimensionless
performance indices have been considered. All these indices are defined as the ratios
between the peak values of a certain response quantity (displacements, acceleration,
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base shear, strain energy, input energy, and dissipated energy) of the frame with
friction dampers, and the peak value of same responses of the free or braced frame
structure. The response quantities in the indices are peak quantities for full time-
history of response and among all the floors. Consequently, these indices are
dimensionless and always positive with their value range usually between 0 and 1.
Values close to zero indicate excellent performance of the friction dampers in
reducing the response while values close to 1 or higher indicate ineffectiveness of the
friction dampers. In the present formulation by considering stick or sliding frictional
resistance (slip load) equals to zero, the response for free frame structure can be
obtained. Similarly the response of brace frame structure can be obtained by con-
sidering stick or sliding frictional resistance (slip load) as infinite value. The fol-
lowing different indices have been considered for the performance evaluation:

(i) Drift and acceleration ratio (DAR): This ratio is defined as [27]

DARF ¼ 1
2

Peak inter�story drift of the structure with friction damper
Peak inter�story drift of the free frame structure

þ Peak absolute acceleration of the structure with friction damper
Peak absolute acceleration of the free frame structure

0
BB@

1
CCA;

DARB ¼ 1
2

Peak inter�story drift of the structure with friction damper
Peak inter�story drift of the braced frame structure

þ Peak absolute acceleration of the structure with friction damper
Peak absolute acceleration of the braced frame structure

0
BB@

1
CCA

ð9Þ

It is noted that this parameter gives equal weight age to the deformation and
acceleration related responses and represents a combined contribution of the
two factors.

(ii) Base shear ratio (BSR): This ratio is defined as

BSRF ¼ Peak base shear of the structure with friction damper
Peak base shear of the freeframe structure

;

BSRB ¼ Peak base shear of the structure with friction damper
Peak base shear of the braced frame structure

ð10Þ

The base shear is used as a basic design parameter and low values of BSR
indicate corresponding reduction in design earthquake forces.

(iii) Relative performance index (RPI): This ratio is defined as [13]

RPIF ¼ 1
2

SEA
ASEF

þ SEM
SEMF


 �
;

RPIB ¼ 1
2

SEA
ASEB

þ SEM
SEMB


 � ð11Þ
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where SEA = strain energy area, is the area under the strain-energy time history for
the system with friction dampers, ASEF = strain energy area for free frame struc-
ture, ASEB = strain energy area for braced frame structure, SEM = peak strain
energy for the system with friction dampers, SEMF = peak strain energy for the free
frame structure, and SEMB = peak strain energy for the braced frame structure. If
RPIF or RPIB is equal to 1, then the response corresponds to the behavior of a free
or braced frame structure.

All the performance indices have been normalized with respect to both the free
frame and the braced frame structures. This enables assessment of response
reduction and performance enhancement of the structures with friction dampers also
including the stiffening influence of the bracing system.

6 Earthquake Ground Motion Records

A total of nine different earthquake ground motions have also been used based on
the soil type and their details are given in Table 1. Figure 3 shows the ensemble of
the acceleration time-histories of ground motion records. These records are cate-
gorized in three groups based on the soil type at the recording stations, and their
time-histories are shown in Fig. 4. Three time histories have been selected for each
of soft soil (FSR1, FSR2 and FSR3), alluvium or medium soil (FMR1, FMR2 and
FMR3) and hard soil or rock (FHR1, FHR2 and FHR3). The evaluations using
these ground motions represent the likely response under the likely range of
expected ground motion characteristics.

Table 1 Details of nine ground motion records used for numerical simulations

Sl.
no

Name of earthquake Soil type Designation Magnitude PGA (g) Duration (s)

1 Kobe 1995/01/16 Soft soil FSR1-(EW) M6.9 0.345 20

2 Kobe 1995/01/16 FSR2-(NS) M6.9 0.251 20

3 Imperial Valley 979/
10/15

FSR3 M6.5 0.221 20

4 Northridge 1994/01/17 Alluvium
soil

FMR1 M6.7 0.364 20

5 Imperial Valley 979/
10/15

FMR2 M6.5 0.275 20

6 Chi–Chi Taiwan
1999/09/20

FMR3 M7.6 0.246 70

7 Loma Prieta
1989/10/18

Hard soil/
rock

FHR1 M6.9 0.41 20

8 Loma Prieta
1989/10/18

FHR2 M6.9 0.409 20

9 Kocaeli, Turkey
999/08/17

FHR3 M7.4 0.244 20
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7 Performance Evaluation of Existing Building

A four-storey reinforced concrete frame building with, (i) Free ground floor (Soft
Storey Free Frame), (ii) Braced ground floor (Soft Storey Braced Frame) and (iii)
Ground floor with friction damper (Fig. 5) has been considered for evaluating the
seismic performance of friction damper based on the above mathematical modeling.
Friction joints with slotted holes are positioned in such a manner that sliding plate
can be mounted vertically as shown in Fig. 2b. The placement of sliders in vertical
plane of the beam ensures that only the prestressing force controls the normal load on
the sliding surface. The braces with damping dampers exhibit highly non-linear
behavior. The effect of energy dissipation due to viscous damping in the brace
members is normally very small compared to the work done by friction sliding. So
the viscous damping in the brace has been neglected. The structural damping ratios
of the free-frame have been taken as 5 % of its critical damping. The four storey
reinforced concrete shear frame building [28] is idealized as four degrees of freedom
lumped mass model system. Example building parameters are evaluated as below
based on the preliminary data presented in Table 2:

Calculation of Mass of the Floors:
Mass on the Roof: mf4 =
Mass of the infill + Mass of the columns + Mass of the beams in the longitudinal
and transverse direction + Mass of the floor + Imposed load of the floor =
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Fig. 3 Ensemble of acceleration time-histories of ground motion records. a FSR1, b FSR2,
c FSR3, d FMR1, e FMR2, f FMR3, g FHR1, h FHR2, i FHR3
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{(0.25 × 15 × 3.5/2) + (0.15 × 20 × 3.5/2)} × 20 + 0.25 × 0.45 × 3.5/2
× 4 × 25 + (0.25 × 0.40 × 15 + 0.25 × 0.35 × 20) × 25 + 5 × 15 × 0.10 × 25 + 0
= 524.6875 kN = 53485 kg

Mass of the 2nd and 3rd floor: mf2 and mf3
Mass of the infill + Mass of the columns + Mass of the beams in the longitudinal
and transverse direction + Mass of the floor + Imposed load of the floor =
{(0.25 × 15 × 3.5) + (0.15 × 20 × 3.5)} × 20 + 0.25 × 0.45 × 3.5 × 4 × 25 +
(0.25 × 0.40 × 15 + 0.25 × 0.35 × 20) × 25 + 5 × 15 × 0.10 × 25 + 5 × 15 ×
3.5 × 0.5

Fig. 4 Schematic diagram of example soft storey frame building with supplemental damping
system. a Soft storey free frame. b Soft storey braced frame. c Soft storey frame with friction
damper d Plan showing columns and beams at floor level for the example soft storey frame
building
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Fig. 5 Performance Indices of example structure with friction damper subjected to different
ground motions normalized with free frame response. a FSR1, b FSR2, c FSR3, d FMR1,
e FMR2, f FMR3, g FHR1, h FHR2, i FHR3

Table 2 Assumed Preliminary data required for analysis of example soft storey building

Sl.
no.

Details Assumed in current problem

1. Type of structure Multi storey rigid jointed plane frame (Special RC moment
resisting frame)

2. Number of stories Four (G + 3)

3. Floor height 3.5 m

4. Infill wall 250 mm thick including plaster in longitudinal and 150 mm
in transverse direction

5. Imposed load 3.5 KN/m2

6. Materials Concrete (M 20) and reinforcement (Fe 415)

7. Size of columns 250 mm × 450 mm

8. Size of beams 250 mm × 400 mm in longitudinal and 250 mm × 350 mm
in transverse direction

9. Depth of slab 100 mm

10. Specific weight
of RCC

25 kN/m3

11. Specific weight
of infill

20 kN/m3

12. Elastic modulus
of concrete

22,360 N/mm

13. Elastic modulus
of mortar

13,800 N/mm
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= 911.875 kN = 92954 kg
Mass of the first floor: mf1
Mass of the infill + Mass of the columns + Mass of the beams in the longitudinal
and transverse direction + Mass of the floor + Imposed load of the floor =
{(0.25 × 15 × 3.5/2) + (0.15 × 20 × 3.5/2)} × 20 + 0.25 × 0.45 × 3.5/
2 × 4 × 25 + (0.25 × 0.40 × 15 + 0.25 × 0.35 × 20) × 25 + 5 × 15 × 0.10 × 25 +
5 × 15 × 3.5 × 0.5
= 675.625 KN = 68871 kg

Calculation of stiffness of the Floors:
Column stiffness of the storey ¼ 12EI

l3

¼
12� ð22360� 103Þ � 0:25�0:453

12

	 �
3:53

¼ 11880:79 KN=m

Total lateral stiffness of each storey ¼ 4� Column stiffness of the storey

¼ 4� 11880.79

¼ 47523.16 kN/m

Stiffness of the infill: (Considering Diagonal strut Model):

Width of the strut (W) ¼ 1
2
�

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
a2h þ a2l

q

where, ah ¼ p
2 � EfIch

2Em t sin2h

h i4
and

al ¼ p� EfIbl
Em t sin2h

� �4

h ¼ tan� 1
h
l ¼ tan� 1

3:5
5:0 ¼ 35�

Ic ¼ 1
12

� 0:25� 0:453ð Þ ¼ 1:8984� 10�3 m4

Ib ¼ 1
12

� 0:25� 0:403ð Þ ¼ 1:3333� 10�3 m4

ah ¼ p
2
� 22360� 1:8984� 10�3 � 3:5

2� 13800 � 0:25� sin70

� �4
¼ 0:611
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al ¼ p� 22360� 1:3333� 10�3 � 5
13800 � 0:25� sin70

� �4
¼ 1:455

Width of the strut (W) ¼ 1
2
�

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
0:6112 þ 1:4552

p
¼ 0:789 m

Cross Sectional area of the diagonal strut = W × t = 0.789 × 0.25 = 0.19725 m2

Diagonal length of the strut = ld ¼ ffiffiffiffiffiffiffiffiffiffiffiffiffiffi
h2 þ l2

p ¼ 6:103 m

Hence, stiffness of the infill = AEm
ld

h i
cos2 h ¼ 299171:72 KN=m

So, for a frame of 3 bays there are 3 struts participating in one direction, the total
stiffness of each storey hence =

4 × stiffness of columns + 3 × stiffness of infill
= 4 × 11880.79 + 3 × 299171.72
= 945038.31 KN/m = k2 = k3 = k4
And for frames having no infill, total stiffness of storey
= 4 × stiffness of columns = 47523.15 KN/m = k1
Mass of bracings and friction dampers: mbdi ¼ 50:0 kg
Stiffness of bracing members: kdi ¼ 95446:30 KN/m
The presence of two friction interfaces doubles the frictional resistance. The total

normal load (FN) on the sliding surface is equal to 2nbFNi, where nb is the number
of prestressing bolts, and FNi is the prestressing force in a single bolt. All the bolts
in a particular friction damper are assumed to have the same prestressing force. It
may be noted that the structure weight does not have any effect to the normal load
(FN). In this investigation, the coefficients of sliding friction (sliding stage, µd) and
(stick stage, µs) are taken as 0.5 as this coefficient resembles with the coefficient
values for different surfaces such as (i) Surfaces blasted with short or grit with any
loose rust removed, no pitting (ii) Sand blasted surface, after light rusting (iii)
Surface blasted with shot or grit and spray metallized with aluminium (thick-
ness >50 µm) and (iv) Sand blasted surface [29].

The floor mass, floor stiffness and total weight calculated above for the lumped
mass model of the structural frame has been considered to be the same for all three
models, i.e. for (i) Soft storey free frame (considering stick or sliding frictional
resistance (slip load) equals to zero) (ii) Soft storey braced frame (considering stick
or sliding frictional resistance (slip load) as infinite value) and (iii) Soft storey frame
with friction damper.

7.1 Performance Indices

In this investigation, various performance indices of the example structure have been
evaluated for the ensemble of nine earthquake records. The peak inter-storey drift
(IDF/IDB), the peak absolute acceleration of floor mass (AAF/AAB), and the peak
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base shear (BSF/BSB),the total strain energy (area of strain energy time history,
ASEF/ASEB), the peak strain energy (SEMF/SEMB), and the total input energy
(area of input energy time history, IEF/IEB) for the example free frame and braced
frame buildings subjected to ensemble of ground motions are presented in Table 3.

The performance of the friction damper has been evaluated for the range of
prestressing forces from 5 % (FN = 151 kN) to 72 % (FN = 2,147 kN) of total floor
weight (3,024 kN) of structure. Figure 5 represents the performance indices of
example structure with friction damper subjected to ensemble of nine earthquake
ground motions normalized with free frame response, where as in Fig. 6 evaluation is
carried out for response normalized with fixed braced frame response. Optimum
structural performance can be obtained for a prestressing force of 375–625 kN, if the
RPI or BSR is to be minimized, 500–1,000 kN, if the DAR is to be minimized for the
example structure. The investigation implies that the friction dampers are most
effective to reduce absolute acceleration as compared to fixed braced frame response,
whereas the dampers are more effective to reduce inter-storey drift as compared to

Table 3 Peak responses of 4 storey example structure subjected to ensemble of ground motions

Free frame response

Ground
motion

IDF
(m)

AAF (m/s2) BSF (kN) ASEF
(kNms)

SEMF
(kNm)

IEF
(kNms)

FSR1 0.0346 5.5005 1653.253 33.07815 29.73667 1096.375

FSR2 0.0311 4.9885 1487.812 36.36090 24.04857 970.958

FSR3 0.0303 4.7880 1448.111 23.82963 22.84704 644.896

FMR1 0.0338 5.4084 1614.313 44.53183 28.29310 1330.899

FMR2 0.0415 6.6238 1984.360 71.21273 42.82050 1945.814

FMR3 0.0275 4.3911 1314.519 45.49677 18.77373 2902.345

FHR1 0.0319 5.0909 1527.376 13.83174 25.26704 630.196

FHR2 0.0184 3.0375 881.1019 13.75743 8.395696 872.522

FHR3 0.0333 5.3288 1590.924 50.50276 27.50161 1332.844

Braced frame response

Ground
motion

IDB
(m)

AAB (m/s2) BSB (kN) ASEB
(kNms)

SEMB
(kNm)

IEB
(kNms)

FSR1 0.0241 12.0277 3444.324 70.967 47.283 2168.650

FSR2 0.0113 5.6487 1610.352 15.459 10.341 388.347

FSR3 0.0090 4.5487 1286.208 7.251 6.603 225.645

FMR1 0.0255 12.8796 3647.251 90.040 53.075 2881.789

FMR2 0.0135 6.5394 1931.123 24.979 14.823 609.089

FMR3 0.0162 8.0352 2309.735 60.513 21.251 3639.230

FHR1 0.0255 13.1599 3643.121 31.959 53.034 1105.406

FHR2 0.0271 13.5753 3869.354 81.177 59.706 4062.577

FHR3 0.0101 4.9056 1442.706 8.759 8.278 285.075

IDF/IDB Peak Inter-storey drift, AAF/AAB Peak absolute acceleration of floor mass, BSF/BSB
Peak Base shear, ASEF/ASEB Total strain energy, SEMF/SEMB Peak strain energy, IEF/IEB Total
input energy
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free frame response in most ground motions. The reduction of inter-storey drift and
acceleration of the structure with friction dampers when compared to the braced
frame and free frame structures for other ground motions is a demonstration of the
effectiveness of these dampers in dissipating energy and thereby reducing the
response.

The peak responses of 4 storey example structure subjected to ensemble of nine
ground motions i.e. Peak Inter-storey drift, Peak Absolute acceleration of floor
mass, Peak Base shear, Total strain energy, Peak Strain energy, Total input energy
for both free frame and braced frame response are tabulated as shown in Table 3.
The optimal values of the performance indices, normalized with free or braced
frame, and the corresponding prestressing force are presented in Tables 4 and 5. It
can be seen that different performance indices are minimized for different pre-
stressing forces. It is also seen in Tables 4 and 5 that the optimum prestressing force
for indices involving absolute floor accelerations differs significantly from those
involving floor displacements and inter-storey drifts. The optimum structural per-
formance of the example structure can be obtained for a prestressing force of
300–550 kN if the AAR, DAR, BSR or the RPI are to be minimized in majority of
ground motions in Soft and Medium soil. The performance indices can be mini-
mized for hard soil for a prestressing force of 150–300 kN. It can also be observed
that the optimal prestressing force range corresponding to DAR is close to the
optimal prestressing force ranges corresponding to BSR. Determination of the
prestressing force, however, resulting in optimal reduction of all responses is not
possible. The optimal performance indices given in Tables 4 and 5 are compared
with the performance indices obtained for prestressing force of 500 kN as shown in
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Fig. 7. In these figures it can be observed that other than very few ground motions
the use of prestressing force of 500 kN gives similar reduction in response with
reference to the optimal prestressing force. It can also be seen that significant
reduction in response is observed for nearly all ground motions thereby demon-
strating the robustness of the friction dampers for aseismic design. This indicates
that the use of friction dampers with prestressing force of 500 kN will provide good
performance for a wide range of expected ground motions.

7.2 Maximum Responses

The maximum inter-storey drift and the maximum absolute acceleration for the
example structure is evaluated at each storey level subjected to the ensemble of nine
(9) different ground motions and shown in Figs. 8 and 9. The maximum inter-storey
drifts and absolute accelerations are evaluated for soft-storey free frame structure,
soft-storey braced frame structure, and soft-storey frame with friction damper. The
optimal slip-load corresponding to each performance index of the example structure
subjected to different ground motions discussed earlier, indicates that the perfor-
mance indices are optimized at a nearly optimal prestressing force, FN, equal to 500
kN. Hence the response behavior of the example structure has been investigated for
prestressing force, FN, equal to 500 kN. Since the prime objective of the frame
buildings with friction-based energy dissipation system is to reduce the peak
responses, the investigations of maximum responses enable one to evaluate the
effectiveness of the friction damper.
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Figure 8 shows that the inter-storey drift of structure with friction damper can be
reduced by 35–70 % of the peak inter-storey drift of free frame structure at first floor
level, i.e. the soft storey level and 15–50 % at other floors of the structure. Similarly
inter-storey drift of structure with friction damper can be reduced by 6–30 % of the
peak inter-storey drift of braced frame structure at first floor level, and 30–70 % at
other floors of the structure. It can also been observed that the friction damper do
not reduce the maximum inter-storey drift at some floor levels for FHR1 and FHR2
ground motions when compared to free frame structure and FSR2, FMR2, FMR3,
FHR1 and FHR3 ground motions when compared to braced frame structure. This
result is expected since the use of friction damper results in smaller bracing stiffness
than that of the braced frame resulting in larger drifts. The reduction of inter-storey
drift of the structure with friction damper when compared to the braced frame
structures for other ground motions is a demonstration of the effectiveness of these
dampers in dissipating energy and thereby reducing the response.

The maximum absolute acceleration of the structure as observed in Fig. 9 with
friction damper can be reduced by over 10–50 % of the peak absolute acceleration
of free frame structure and 30–70 % with reference to braced frame structure
response. It is also seen that the maximum absolute acceleration has been reduced at
every floor level. It can also been observed that the friction damper do not reduce
the maximum absolute acceleration at some floor levels for FHR1 and FHR2
ground motions when compared to free frame structure. However the reduction in
the absolute acceleration response of structure with friction damper in each storey in
comparison to the free frame and brace frame indicates the effectiveness of the
damper in filtering the absolute acceleration of the system thus by reducing the
energy into the system.

7.3 Time-History Responses

The typical time-history responses i.e. absolute acceleration, inter-storey drift and
base shear time history of example structure subjected to ensemble of nine ground
motions are shown in Figs. 10, 11 and 12. Each time-history response is evaluated
for braced frame structure, free frame structure and structure with friction damper
with prestressing force of 500 kN.
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The higher acceleration in the response may significantly affect the performance
of equipment and also other secondary systems mounted on the structure. It will
also affect the behavior of non-structural members of structures. Figure 10 shows
the effectiveness of the friction damper in reducing the absolute acceleration of the
system when compared to free frame and braced frame model. It shows 20–50 %
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reduction in absolute acceleration in the frame with friction damper in comparison
to braced frame and free frame. Response reduction is also observed in the response
parameters such as inter-storey drift (Fig. 11) and base shear (Fig. 12) in the
example structure. It is observed the all the response parameters have been reduced,
by 40–50 % in the frame with friction damper when compared to braced frame and
free frame, at all floor levels.
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8 Conclusions

The effectiveness of friction-based energy dissipation systems in controlling the
response parameters when compared to free frame and braced frame structure has
been investigated in this paper for the example 4-storey frame structure. Coulomb
friction model is adopted for the mathematical modeling. Based on the investiga-
tions presented in this paper, the following main conclusions can be drawn:

1. The response parameters of soft storey free frame as obtained from the time
history analysis indicates the reinforced concrete frames with soft storey have
very poor seismic performance due to their inadequate stiffness, drift capacity &
energy dissipation potential.

2. Adding stiffness to the frames by mean of bracings doesn’t always solve the
purpose of seismic strengthening of soft stories. As by introduction of bracings in
the frames the drift response parameters are controlled, whereas the absolute
acceleration and responses observed to be increased, affecting the frames adversely.
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However, it is observed that that strain energy is reduced by introduction of
bracings in the soft story frame, when compared to soft story free frame.

3. Supplemental sliding friction damper as passive energy dissipation device
showed excellent seismic behavior, in terms of enhanced stiffness hence strength,
and controlled inter-storey drift (reduced by 35–70 % that of free frame response
and 6–30 % that of braced frame response), absolute acceleration (reduced by
10–50 % that of free frame response and 30–70 % that of braced frame response)
and base shear (reduced by 40–50 %). The damage level of the frame has been
controlled as the supplemental energy dissipation due to frictional work done
(nearly 70 %) by the friction damper reduced the lateral load demand. It is also
observed that that strain energy is reduced due to introduction of friction damper
in the soft story frame, when compared to soft story free frame and braced frame.

4. Though the optimum prestressing force for the friction damper is highly related
to characteristics of ground motion and its required performance index, the
optimum prestressing force of 500 kN for the example structure proves to be
effective in controlling all the response parameters.

5. Friction based energy dissipation systems with prestressing force of 500 kN are
proved to be most effective for soft soil and the effectiveness reduces with
change of soil from soft soil to medium soil and from medium soil to hard soil.
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Significance of Elastomeric Bearing
on Seismic Response Reduction in Bridges

E.T. Abey, T.P. Somasundaran and A.S. Sajith

Abstract The seismic design of conventionally framed bridges relies on the
dissipation of earthquake-induced energy through inelastic response in selected
components of the structural frame. Such response is associated with structural
damage that produces direct loss, indirect loss and perhaps casualties. For bridge
construction, the typical design goals associated with the use of seismic isolation
are, (a) reduction of forces (accelerations) in the superstructure and substructure,
and (b) force redistribution between the piers and the abutments. For minimising the
effect of increased displacement response in such bridges, damping is typically
introduced in the isolator. The paper discusses the importance of elastomeric
bearings in the design of seismic resistant bridges with an overview of the present
IRC code recommendations. The response modifications of such bridges are also
included to strengthen the theoretical implications through parametric studies on the
same.

Keywords Bridges � Elastomeric bearings � Energy dissipation � Performance
evaluation � Seismic design � Seismic response

1 Introduction

Bridges are the most vulnerable components of the transportation system and a vital
component, the disruption of which would pose a threat to emergency response and
recovery as well as serious economic losses after a strong earthquake. Increased
knowledge on seismic engineering with the occurrences of the past major earth-
quakes like Northridge, California (1994), Kobe, Japan (1995), Bhuj, India (2001)
has led to serious discussions in the international community regarding the need for
seismic resistant design in structures. Major portion of the research were confined to
buildings and there retrofit, with a slower but steady improvement in bridges also.
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These researches pointed out the main issues relating to the widely accepted force-
based design methodology and emphasised the need for using a displacement-based
design approach, which brings out the now highly discussed performance-based
methodology.

Among the various methods for reducing the seismic impact on bridge decks,
isolation bearings were greatly accepted. This helps in decoupling the superstruc-
ture from the substructure and hence from the damaging effects of ground accel-
erations. One of the goals of the seismic isolation is to shift the fundamental
frequency of a structure away from the dominant frequencies of earthquake ground
motion. The other purpose of an isolation system is to provide an additional means
of energy dissipation, thereby reducing the transmitted acceleration into the
superstructure. A variety of isolation devices including elastomeric bearings (with
and without lead core), frictional/sliding bearings and roller bearings have been
developed and used practically for the seismic design of bridges during the last few
decades in many countries.

The present study discusses the implications of elastomeric bearings in seismic
resistant design of precast prestressed box-girder bridges through code review and
analytical evaluation of bridge models with and without bearings for varied
parameters. Nonlinear static or pushover analysis using SAP2000 NL is used for
assessing the performance of the bridge models considered.

2 Seismic Isolation

For the last few decades, various retrofit techniques are being used, one of which is
the use of seismic isolation. It has received increased attention from the designers
for seismic hazard mitigation. The isolation system does not absorb the earthquake
energy, but rather deflects it through the dynamics of the system [1]. In this manner,
a building is isolated from its foundations, and the superstructure of a bridge is
isolated from its piers.

The first dynamic mode of the isolated structure involves deformation only in the
isolation system and the structure above is assumed to behave as rigid. The higher
modes that produce deformation in the structure are orthogonal to the first mode and
consequently to the ground motion and do not participate in the motion. And, the
energy in the ground motion related to these frequencies cannot be transmitted into
the structure. Hence, the lengthening of the first-mode period results into the
reduction of the earthquake-induced forces in the structure. But, this technique is
more significant for short period structures than long period ones.

The objective of isolating a bridge structure differs from that of a building.
A bridge is typically isolated immediately below the superstructure. This helps in
reducing the shear forces transmitted from the superstructure to the piers by shifting
the natural period of the bridge away from the frequency range where the energy
content of earthquakes is high. As a result, the superstructure motion is decoupled
from the piers motion during the earthquake, thus, producing an effect of the
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reduction of inertia forces. At the same time, the seismic energy demand of the bridge
is also reduced as a consequence of the energy dissipation concentrated in isolators,
which are suitably designed for this purpose. The articulation provided in the bridge
will additionally help it to resist significant service lateral loads, displacements from
wind and traffic loads and from creep, shrinkage and thermal movements.

The suitability of a particular arrangement and type of isolation system will
depend on many factors including the span, number of continuous spans, seismicity
of the region, frequencies of vibration of the relatively severe components of the
earthquake, maintenance and replacement facilities. Various parameters to be con-
sidered in the choice of an isolation system, apart from its general ability of shifting
the vibration period and adding damping to the structure are: (i) deformability under
frequent quasi-static load (i.e. initial stiffness), (ii) yielding force and displacement,
(iii) capacity of self-centering after deformation, and (iv) vertical stiffness.

3 Review of Elastomeric Bearings

Elastomeric bearings are formed of horizontal layers of natural or synthetic rubber
in thin layers bonded between steel plates. The steel plates prevent the rubber layers
from bulging and thus increasing the ability of bearing to support higher vertical
loads with only small deformations. Under a lateral load the bearing is flexible.
Plain elastomeric bearings provide flexibility but do not have significant damping
and will move under service loads.

The laminated rubber bearing (LRB) is the most commonly used base isolation
system. The basic components of LRB system are steel and rubber plates built in
alternate layers. Generally, the LRB system exhibits high-damping capacity, hori-
zontal flexibility and high vertical stiffness. The damping constant of the system
varies considerably with the strain level of the bearing (generally of the order of
10 %) [1]. These devices can be manufactured easily and are quite resistant to
environmental effects.

The second category of elastomeric bearings is lead-rubber bearings [2]. This
system provides the combined features of vertical load support, horizontal flexi-
bility, restoring force and damping in a single unit. These bearings are similar to the
laminated rubber bearing but a central lead core is used to provide an additional
means of energy dissipation. The energy absorbing capacity by the lead core
reduces the lateral displacements of the isolator.

Important specifications which can be referred to for elastomeric bearings are
listed below:

i. UIC 772-2R 1989
ii. BS:5400 Part 9.1
iii. IRC 83 Part II
iv. AASHTO specifications
v. IS:3400 Part I to XXIV.
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3.1 Behaviour of Elastomeric Bearings

In order to carry out successful design and installation of elastomeric bearings, it is
necessary to understand the behaviour of elastomeric bearings against various
imposed loads. The elastomer being practically incompressible, the total volume of
the pad in loaded and unloaded conditions remains unchanged. If the elastomer is
bonded between two layers, the lateral expansion is prevented at the interfaces and
bulging is controlled. The compressive stiffness of the bearing, therefore, depends
upon the ratio of loaded area to the area of the bearing free to bulge. This is essentially
quantified by Shape Factor ‘S’ which is a dimensionless parameter defined as,

S¼ Plan area loaded in compression
Perimeter area free to bulge

Greater compressive stiffness is, therefore, obtained by dividing elastomer into
many layers by introducing very thin, usually 1–3 mm, steel reinforcement plates
between the elastomer layers and bonding the plates firmly with the elastomer to
prevent any relative movement. This has the effect of decreasing the area free to
bulge without any change in the loaded area. Hence, higher the shape factor, stiffer
is the bearing under compressive load. Since the elastomer expands laterally, shear
stresses are set up in the elastomer by the bond forces. The steel plate, in turn, is
subjected to pure tensile stresses for which its thickness is to be designed.

The elastomeric bearing provides horizontal translation by shear strains and
rotation by differential compression. Elastomeric bearings can accommodate hori-
zontal movements to an extent of 125 mm, while, it is claimed that each 13 mm
thickness of the pad could accommodate one degree of rotation [3].

3.2 Design Considerations

Shape factor, S should be maintained in between 6 and 12 for proper vertical stiffness
[4]. For preventing slip of the bearing, minimum vertical pressure which is the ratio of
dead load and plan area of the bearing should be kept above 2 MPa or else provide
‘Anti Creep Devise’. The maximum vertical pressure on bearing which is the ratio of
total vertical load including impact and plan area of bearing, should be maintained
well below 10MPa. Total shear in elastomer due to compression, horizontal load and
rotation should be limited to 5G or 5 MPa, considering the shear modulusG = 1MPa.

3.3 Bearing Properties for Modelling

The properties of elastomeric bearingsused at both the abutments and bents are kept
the same. The bearing stiffness values used in the analysis are as follows [5],
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Translation vertical, U1 = 2,055,499 kN/m
Translation normal to layout line, U2 = 9,899 kN/m
Translation along layout line, U3 = 9,899 kN/m
Rotation about vertical, R1 = 61,869 kN/m
Rotation about normal to layout line, R2 = 109,627 kN/m
Rotation along layout line, R3 = 83,933 kN/m.

4 Effect of Elastomeric Bearing in Seismic Response
Reduction

4.1 Preamble

PSC box-girder bridges are becoming the most commonly used type of structural
form for Highway and Railway bridges in India. The improved stiffness and ser-
viceability, increased shear capacity and improved resilience to dynamic and fatigue
loading led to a widespread interest in prestressed technologies for the last few
decades. Box-girder bridges became common due to its possibility for longer spans
i.e., beyond 40 m, where I-girders are not promising. The increased moment of
inertia per unit weight of this structural form substantially reduced the self weight of
the superstructure deck and hence proves to perform well in seismic action. The
better torsional resistance particularly for curved spans make it a better option for
structural engineers. All the advantages of precast construction along with the
suitability of segmental construction further improve its place as a widely regarded
structural form. Difficulty of maintenance and expensiveness of fabrication are the
two main limitations highlighted for this structural form.

Various parameters affecting the seismic design and behaviour of PSC
box-girder bridges are analytically investigated with reference to the bearing stiff-
ness values provided at the bents and or abutments for improving the overall
structural flexibility. The bearing pad-bridge girder interface defines support
boundary conditions and may affect the seismic performance of the bridge.
SAP2000 NL is used to evaluate the performance of the bridge models considered
through non-linear static or pushover analysis. The parameters considered in the
present study include span length, deck support condition and slenderness ratio of
piers.

4.2 Model Details and Description of Parameters

Twin celled, three span PSC box-girder bridges with rectangular piers are taken for
the present study. Dimension and geometry detail of the bridge deck is shown in
Fig. 1. M50 concrete and Fe 415 steel for nominal reinforcement is used for all the
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models analysed. The prestressing steel used for post tensioning the segments
conforms to IS: 14268. Foundations are assumed to be fixed and soil structure
interaction is neglected. A super imposed dead load (SIDL) of 2 kN/m2 is also
added to include the weight of wearing course and other secondary elements which
did not contribute to the structural stiffness directly.

Three cases are studied in the parameter ‘Deck Support Condition’, which includes
simply supported (SS), semi-integral (SI) and integral bridges (IN). Semi-integral
bridges are those with their piers as integral and abutments resting on elastomeric
bearings, whereas for integral bridges both the bents and abutments are monolithic.

The second parameter taken for comparison of bearing stiffness value is the
slenderness ratio (λ) of piers. As the pier height is taken as a separate parameter, in
this study the radius of gyration will be varied and hence changing the plan
dimension, keeping an aspect ratio of two and pier height 8 m. The λ values
considered are 15, 20 and 25, correspondingly the pier dimensions adopted were
4.8 × 2.4 m, 3.6 × 1.8 m and 2.9 × 1.45 m. The percentage of longitudinal
reinforcement is taken as 0.6, 0.8 and 1, while the confinement reinforcement
percentage is kept as 0.07, 0.09, 0.12 for λ = 15, 20 and 25 respectively.

4.3 Modal Analysis Results

The seismic forces exerted on a bridge are due to the response of cyclic motions at
the base of a bridge causing accelerations and hence inertia force, which is
essentially dynamic in nature. The dynamic properties of the structure such as
natural period, damping and mode shape play a crucial role in determining the
response of a bridge.

4.3.1 Deck Support Condition

The selection of the optimum structural system for bridges is influenced by
structural methods, traffic requirements and also by site-specific conditions [6].

Fig. 1 Details of geometry and dimension of the deck (All dimension in mm)
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The seismic response of bridges is often proven to be a decisive parameter for the
selection of the resisting system and critical for the selection and the design of
individual structural members, for which the seismic action is proven to be critical.

Figure 2 clearly shows the improvement in structural stiffness as the support
condition got varied from simply supported to semi-integral to integral, which
resulted in an overall decrease in the fundamental time period. It should be noted
that, the percentage decrease in time period of integral bridges compared to simply
supported bridges got reduced from nearly 76–68 % when the span length got
increased from 30 to 50 m. This reduction may be attributed to the overall reduction
in flexural stiffness along with the effect of torsional component at longer spans in
SI and IN bridges. Also, there is a 15 % increase in fundamental time period for SS
bridge models as the span length increases by 10 m and 27 % increase in case of SI
and IN bridge models.

4.3.2 Slenderness Ratio

Classical buckling defined as, sudden failure due to instability of perfectly axially
loaded members without horizontal load does not usually occur in practical rein-
forced/prestressed concrete members. However, long slender members at ultimate
load exhibit large and disproportionate increase of deflections due to combined
effect of geometric non-linearity (P-Δ effect) and non-linear structural response due
to material non-linearity, progressive cracking and local plasticity. This reduces the
ultimate load carrying capacity as compared to short members of identical cross-
section and steel ratio. Thus slenderness ratio is an important criterion to be checked
in the design of bridge structures.

From Fig. 3, it is obvious that, as the slenderness ratio increases regardless of
span length, fundamental time period of the structure increases, which shows the
relation between slenderness and structural bending stiffness. The percentage
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increase in time period is more for integral bridge models than simply supported
models due to the monolith construction of integral bridges without bridge deck
isolation along with an overall reduction in structural stiffness. Figure 3 gives a
comprehensive idea about the influence of slenderness ratio and span length on
T for both SS and IN bridge models.

4.4 Pushover Analysis Results

Nonlinear static or pushover analysis is the simplest technique by which the
designer can assess the capacity and corresponding performance of a structure
subjected to seismic excitation. Here, the capacity spectrum method as discussed in
ATC 40 is used to determine the performance level of the models generated.
Default PMM Hinge is used in bents to incorporate nonlinearity in structural
models. In this study, transverse pushover analysis is only done as the models were
found least stiff in that direction particularly for IN bridge models. For brevity, span
lengths of 30 and 40 m were considered in this section.

4.4.1 Deck Support Condition

Figure 4 shows the capacity curve of the bridge models in the transverse direction. It
is obvious from the figure that, bridge models that are simply supported will have
more deformation capacity than integral bridges, without much reduction in their
overall structural stiffness. Table 1 further substantiate the above point through the

0.00

0.10

0.20

0.30

0.40

0.50

0.60

0.70

0.80

0.90

1.00

20 30 40 50 60

T
im

e 
P

er
io

d 
(S

)

Span Length (m)

SL15-WB SL20-WB SL25-WB
SL15-B SL20-B SL25-B

Fig. 3 Influence of
slenderness ratio and span
length on fundamental time
period. Legend: SL
slenderness ratio, WB without
bearing, B with bearing

1346 E.T. Abey et al.



increased ductility factor and energy dissipation capacity of the SS bridge models.
Ductility and Energy Dissipation Capacity (obtained from capacity curve) are two
important criteria which the designers normally rely on for better seismic resistance
of any structures. This indicates the significance of proper isolation through bridge
bearings. It is to be noted that, as the span length increases the ductility and energy
dissipation capacity of IN bridge models are improving and is comparable with SS
bridge models. This is mainly due to the greater flexibility attained by the IN bridge
models at longer spans which can be well understood from the modal analysis
results. Thus, it can be summarized that bridge bearings are more significant for short
span bridges i.e. below 40 m, from the seismic resistance point of view.

The performance level of the bridge models considered was assessed for both
maximum considered earthquake (MCE) and design basis earthquake (DBE) in the
transverse direction. From Tables 2 and 3, it is apparent that the performance of
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Table 1 Ductility and energy dissipation capacity

Span
length

Deck support
condition

Pier deformation Ductility
factor

Base
shear (kN)

Energy
dissipation (J)Yield (mm) Ultimate (mm)

30 IN 19.8 90.1 4.55 5444.1 1,530,881

SI 19.9 148.6 7.47 5661.36 2,914,468

SS 20.4 202.8 9.94 5543.1 4,044,246

40 IN 19.8 169.5 8.56 5979.66 3,580,620

SI 20 121.3 6.07 6,179 2,503,731

SS 20.1 198 9.85 6,100 4,340,760
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integral bridge models are almost the same as that of simply supported bridge
models for DBE irrespective of span length. But, for MCE, integral bridge models
are not preferable for shorter spans below 40 m.

4.4.2 Slenderness Ratio

From Fig. 5 and Tables 4 and 5, it is evident that, for the same slenderness ratio
considered SS bridge models are far superior than IN bridge models in its ductility
and energy dissipationcapacity particularly for shorter spans (below 40 m). Also, it
can be deduced that a slenderness ratio of 20 is best suitable for the span lengths
considered, for better seismic resistance. The performance levels at MCE and DBE
(Tables 6, 7, 8 and 9) further reinforce the above suggestion.

Table 2 Performance evaluationfor MCE in transverse direction

Span
length

Deck
support
condition

Time
period
(Teff), S

Damping
(Beff)

Base
shear
(kN)

Pier
deformation
(mm)

Performance
level

30 IN NIL NIL NIL NIL C

SI 1.654 0.324 5639.77 108 CP

SS 1.634 0.324 5522.1 107 CP

40 IN 1.95 0.335 5935.2 125 C

SI NIL NIL NIL NIL C

SS 1.914 0.333 6061.1 124 C

Note NIL indicates demand and capacity spectrum doesn’t meet or no performance point obtained
and performance levels are, C collapse, CP collapse prevention, LS life safety, IO immediate
occupancy and O operational

Table 3 Performance evaluation for DBE in transverse direction

Span
length

Deck
support
condition

Time
period
(Teff), S

Damping
(Beff)

Base
shear
(kN)

Pier
deformation
(mm)

Performance
level

30 IN 0.959 0.235 5452.85 36 O

SI 0.959 0.231 5639.77 36 O

SS 0.95 0.232 5522.1 36 O

40 IN 1.114 0.249 5957.17 41 O

SI 1.113 0.247 6160.44 41 IO

SS 1.097 0.244 6081.9 41 O
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Table 4 Ductility and energy dissipation capacity for ‘IN’ bridges

Span
length

Slenderness
ratio (λ)

Pier deformation Ductility
factor

Base
shear (kN)

Energy
dissipation (J)Yield (mm) Ultimate (mm)

30 15 14.4 66.92 4.65 9435.6 1,982,231

20 19.99 90.1 4.51 5444.1 1,526,743

25 25.52 105.83 4.15 3687.46 1,184,560

40 15 14.9 111.3 7.47 10589.8 4,083,438

20 20.3 169 8.33 5959.32 3,544,604

25 26.1 214.9 8.23 4044.4 3,054,331

Table 5 Ductility andenergy dissipation capacity for ‘SS’ bridges

Span
length

Slenderness
ratio (λ)

Pier deformation Ductility
factor

Base
shear (kN)

Energy
dissipation (J)Yield (mm) Ultimate (mm)

30 15 14.5 103.5 7.14 9403.4 3,347,610

20 20.4 203.4 9.97 5524.1 4,043,641

25 25.6 291.5 11.39 3,700 3,935,320

40 15 14.9 110.6 7.42 10552.5 4,039,497

20 20.6 198 9.61 6,100 4,328,560

25 26.6 205.7 7.73 4058.3 2,907,366
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Table 6 Performance evaluation for MCE in transverse direction for ‘IN’ bridges

Span
length

Slenderness
ratio (λ)

Time
period (Teff), S

Damping
(Beff)

Base
shear
(kN)

Pier
deformation
(mm)

Performance
level

30 15 NIL NIL NIL NIL C

20 NIL NIL NIL NIL C

25 NIL NIL NIL NIL C

40 15 1.172 0.321 10536.7 77 CP

20 1.95 0.335 5935.2 125 C

25 2.814 0.345 3988.9 180 CP

Table 7 Performance evaluation for DBE in transverse direction for ‘IN’ bridges

Span
length

Slenderness
ratio (λ)

Time period
(Teff), S

Damping
(Beff)

Base
shear
(kN)

Pier
deformation
(mm)

Performance
level

30 15 0.617 0.223 9432.4 24 O

20 0.959 0.235 5452.85 36 O

25 1.35 0.245 3690.65 50 O

40 15 0.698 0.232 10536.7 27 O

20 1.114 0.249 5957.17 41 O

25 1.575 0.256 4043.46 57 IO

Table 8 Performance evaluation for MCE in transverse direction for ‘SS’ bridges

Span
length

Slenderness
ratio (λ)

Time period
(Teff), S

Damping
(Beff)

Base
shear
(kN)

Pier
deformation
(mm)

Performance
level

30 15 1.027 0.315 9435.4 68 IO

20 1.634 0.324 5522.1 107 CP

25 2.372 0.334 3675.39 154 C

40 15 1.172 0.321 10532.9 77 CP

20 1.914 0.333 6061.1 124 C

25 2.813 0.345 3986.26 179 C
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5 Conclusion

Seismic isolation is a simple structural design approach to mitigate or reduce the
earthquake damage potential. Elastomeric bearingsbecame a common isolation
device for bridges owing to its high vertical stiffness and horizontal flexibility,
enabling the structure to move horizontally during strong ground motion. The
present study emphasises the significance of elastomeric bearing through a para-
metric study. The parameters considered were span length, deck support condition
and slenderness ratio. For all the above parameters, it is unanimously proven that
bearings play a significant role in seismic response reduction. The modal analysis
results prove the relevance of the above parameters selected through the variation in
the dynamic properties obtained. The study on ductility, energy dissipation capacity
and performance level reveals that, it is always better to go for simply supported
bridges than integral bridges particularly for shorter span below 40 m. Based on the
evaluation of the influence of slenderness ratios selected for simply supported and
integral bridge models for different span length, it can be deduced that, using a
slenderness ratio of 20 will be more effective in seismic response reduction.
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Performance of Seismic Base-Isolated
Building for Secondary System Protection
Under Real Earthquakes
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Abstract Damages due to earthquake can be reduced by controlling the seismic
response of structure. For the structures containing expensive equipments such as
nuclear power plants, computer centers and hospitals reduction of seismic response
of secondary system (SS) is as important as reduction in seismic response of
primary structures (PS) since damage to secondary system (SS) leads to significant
social chaos. This paper provides the investigation of effectiveness of base isolation
technology for secondary system. A three storied reinforced cement concrete (RCC)
building is modeled as a PS in this study. Laminated plug bearing is adopted for
base isolation of PS. Secondary system is housed at first floor level of the PS. SS is
isolated with elastomeric bearing from the supporting PS floor. The earthquake
ground motions recorded at Myanmmar border region recording station location
25°N 95°E having PGA 0.003 and 0.0021 g are used as input ground accelerations.
Seismic responses of SS with and without isolation are evaluated and the effect of
interaction between PS and SS is also studied. A remarkable reduction in seismic
response of SS is observed when it is isolated.
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1 Introduction

Secondary systems are those systems and elements, which are attached to the wall
or floor of PS. These are named as secondary however, not secondary in impor-
tance. Hence, the SS are widely recognised due to their necessity to provide
essential emergency and recovery services after occurrence math of an earthquake
event. During an earthquake, the primary structures containing expensive equip-
ment excites the installed SS through floor motions induced in PS. Due to tuning
effects SS get significantly damaged even in low intensity earthquakes. In numerous
cases structural damage is caused to installed secondary systems, while the primary
structure survives the earthquake. Various studies have shown drastic reduction in
peak accelerations and deflections in structure by using properly designed base
isolation systems [1]. Several analytical and numerical schemes for calculating peak
response of SS have been developed [2, 3]. A state of art review on response of
secondary systems has been presented by Chen and Soong [4].

Present study aims at investigation of base isolation for SS and numerical study
of interaction between PS and SS. For PS, Lead plug bearing whose behaviour is
represented by bilinear force deformation is used. Earthquake ground motions
recorded on 6th November, 2006 at Myanmar 25°N 95°E station having an earth-
quake magnitude of 5.2. The peak acceleration responses of SS with and without
isolation are evaluated and the effect of SS interaction with PS is studied. Seismic
response of the fixed-base and base-isolated SS are compared and remarkable
reductions in seismic response of SS is observed when those are base isolated.

2 Mathematical Formulations

Elastomeric bearing is widely used as base isolator, which consists of alternate layers
of steel shims and hard rubber. Major function of elastomeric bearing is to reduce the
transmission of shear force to super structure by augmenting the vibration period of
the entire super structure. Figure 1 represents a mathematical model of base isolated
secondary structure with the assumption that the superstructure is rigid compared to
stiffness of elastomeric bearing. The equation of motion of the entire system is given
as, (x and xb are with respect to fixed support) [5],

m 0

0 mb

� �
x
::

xb
::

( )
þ c �c

�c cb þ c

� �
_x

_xb

� �
þ k �k

�k kb þ k

� �
x

xb

� �

¼ � m 0

0 mb

� �
1

1

� �
xg
::

ð1Þ

The mathematical model of a base isolated primary and fixed base secondary
system is shown in Fig. 2. Equation of motion for the base isolated primary
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structure housing secondary system when it is subjected to ground motion is given
by
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where, m represents mass, c represents damping coefficient and k represents stiff-
ness of the system. Also, the subscript s and b are associated with secondary and
base respectively. The corresponding equation of motion for the base mass under
earthquake ground acceleration xg can be given by,

mb xb
:: þFb � kx� c_x ¼ �mb xg

::
: ð3Þ

Restoring force developed in the elastomeric bearing Fb is given by [6],

Fb ¼ cb _xb þ kbxb ð4Þ

where, cb and kb are damping and stiffness of elastomeric bearing respectively. The
restoring force (Fb) developed in isolation system depends upon the type of iso-
lation system considered.
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Fig. 1 Mathematical model for base-isolated PS
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Fig. 2 Mathematical model for base-isolated PS housing fixed-base SS
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3 Description of Numerical Model

Fixed-base and base isolated building, constructed at IIT Guwahati are considered
as primary structures. A plan of the fixed-base and the base-isolated building is
shown in Fig. 3 with the position of the isolators marked in the isolated building. As
seen from Fig. 3, both buildings are rectangular in plan having dimension
4.5 m × 3.3 m. The cross sectional dimension of columns is 400 mm × 300 mm,
with the larger oriented along the longer span of the buildings. Beams along both
sides of the buildings are 250 mm wide, while the depth varies as 450 mm along the
longer span and 350 mm along the shorter span. Masonry infill walls are 125 mm
thick and slab thickness is 150 mm. SS (Fig. 4) consists of two steel plates of
450 mm × 580 mm with 10 mm diameter steel rods placed at four corners between
ground and first floor of SS. SS is housed at first floor of the PS. PS is isolated with
laminated plug bearing (480 mm × 400 mm) under each column [7]. Secondary
system is placed on elastomeric bearing (80 mm × 60 mm) with mass of 53 kg and
has having horizontal stiffness of 52 N/mm with damping ratio of 0.1, time period
0.283 s. Different properties of materials and isolators used in primary and sec-
ondary system are given in Tables 1 and 2.

Isolators

3300 2500 3300
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1000

(a)

GIS sheet

Parapet Wall 

Base Isolator

300

2100

600

3300
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3300

1200

300 300
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Fig. 3 a Plan of fixed-base and base-isolated RCC building showing the position of isolators,
b front elevation of the building (all the dimensions are in millimeter)
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Table 1 Material properties used for PS and SS

Model Material Properties Explanation

Primary structure Concrete 2548.42 kg/m3 Density

E = 25,000 MPa Young’s modulus

ν = 0.2 Poisson’s ratio

M25 Grade of concrete

Secondary system Steel 7846.37 kg/m3 Density

E = 2 × 105 MPa Young’s modulus

ν = 0.3 Poisson’s ratio

Fe250 Grade of steel

Table 2 Properties of isolator used for PS and SS

Model Property Value

Primary structure
(lead plug bearing)

Mass 0.5 T

Vertical stiffness 188,960 kN/m

Post yield stiffness 796 kN/m

Ratio of post to pre yield stiffness 0.0463

Effective damping 0.1056

Yield strength 25.38 kN

Effective horizontal stiffness 1292.085 kN/m

Secondary system
(elastomeric bearing)

Effective horizontal stiffness 52 kN/m

Effective damping 0.1
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4 Numerical Analysis

The assumptions made in this model are: (i) superstructure is assumed to be linear
elastic throughout the analysis, (ii) torsional effects are neglected (iii) effect of soil-
structure interaction is not taken into consideration. Seismic response of secondary
system with elastomeric bearing are investigated under bi-directional earthquake
excitation of real ground motions [7]. The seismic response is studied considering
SS as fixed-base and base-isolated. The seismic event recorded is on the 6th of
November, 2006. The event, measured 5.2 on the Richter scale, with epicenter
located at latitude 25°N and longitude 95°E at Myanmar border region having a
focal depth of 33 km. The peak ground acceleration (PGA) recorded in fixed base
primary structure at site in the longer direction of the building was 0.0021 g while
that in the shorter direction was 0.003 g as shown in Fig. 5. Classical modal
superposition method cannot be used in the solution of Eqs. (1) and (2) since the
system is non-classically damped and the force deformation behaviour of isolators
used for primary structure is non-linear. Newmark’s direct integration method of
step by step time integration is used in SAP 2000 [8] with time interval 0.005 s
using linear variation of acceleration.
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Fig. 5 a Ground motion and ground acceleration spectrum in X-direction. b Ground motion and
ground acceleration spectrum in Y-direction for the earthquake event on 6th November, 2006
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4.1 Seismic Response of Fixed-Base with and Without PS
Interaction

Seismic response of fixed base PS and SS is studied here for both the cases by
considering and not considering their interactions. In the first case without con-
sidering interaction between fixed-base PS and fixed-base SS the seismic ground
acceleration is applied at the base of the fixed-base PS. From the seismic analysis
the floor response at the first floor of fixed-base PS is obtained. This obtained
response is applied as a seismic excitation to the fixed-base SS. In the second case
for considering the interaction between fixed-base PS and fixed-base SS they are
modeled together i.e. fixed-base SS is attached at the first floor of the fixed-base PS.
The response recorded taken from fixed-base SS automatically considers the
interaction between fixed-base PS and fixed-base SS. The difference between
seismic response of SS with and without interaction is observed in Fig. 6.

4.2 Seismic Response of Fixed-Base and Base-Isolated SS
Without PS Interaction

Seismic response of fixed-base SS and base-isolated SS is studied here without
considering their interaction with PS. From the seismic analysis the floor response
is obtained at the first floor of fixed-base PS is obtained. This obtained response is
applied as an input to the fixed-base SS and base-isolated SS separately. The
comparison of response of fixed-base and base isolated SS for the earthquake event
recorded on 6th November, 2006 is shown in Fig. 7. The trend of results obtained
from this study shows the seismic response reduction when SS is base isolated with
elastomeric bearing. This reduction in seismic response of SS prevents the damages
after earthquake event.
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Fig. 6 Comparison of top floor acceleration of fixed base SS considering primary and secondary
system interaction for the earthquake event on 6th November, 2006
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4.3 Seismic Response of Fixed-Base and Base-Isolated SS
with PS Interaction

In this study base-isolated and fixed-base SS are modeled in fixed base PS.
Response of fixed-base SS and base-isolated SS modeled in fixed-base PS is studied
with interaction effect. Comparison of time history plots of top floor acceleration for
the earthquake event on 6th November, 2006 of fixed-base SS and base isolated SS
housed in fixed-base PS is shown in Fig. 8. Peak response of fixed-base SS reduces
drastically with the provision of isolation to SS.

4.4 Response of Fixed-Base SS Housed in Base-Isolated PS

In this part of study the fixed base SS is housed at first floor of the base-isolated PS
and the top floor acceleration response of the fixed-base SS are investigated. Lead
plug bearing is used for isolation of PS. Different properties of lead plug bearing
used are given in Table 2. Ground motion accelerations for the earthquake event on
6th November, 2006 is applied as input at the base of base-isolated PS housing
fixed-base SS modeled at the first floor. Comparisons of peak response of fixed-base
SS placed in base-isolated PS are made in Fig. 9. The provision of isolation in
primary structure does not have remarkable variation in reduction of peak response
in secondary system as is clear from comparison of Figs. 8 and 9. Thus it can be
concluded that the influence of isolation provide to PS is comparatively less
effective than providing isolation to the SS. Thus, base isolation in secondary
system ensures more reliable earthquake mitigation technology for secondary
system protection.
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Fig. 7 Comparison of top floor acceleration time history plots for the earthquake event on 6th,
November, 2006 of fixed-base SS and base-isolated SS ðTb ¼ 0:22 s, beff ¼ 0:1; q ¼ 3mm)
without interaction
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4.5 Comparison of Floor Responses of Primary
and Secondary System

An initial analysis of the floor responses of SS for the event on 6th November, 2006
show magnification in the roof acceleration for the fixed-base SS while significant
reduction in roof acceleration has been observed for the isolated SS. It is observed
from the time history plots in Fig. 8, that there is reduction of the roof response for
the base-isolated SS as compared to the fixed-base SS. The floor response of fixed-
base SS attached to primary structure reduces reasonably, when mutual interaction
between primary and secondary systems is considered. From Fig. 7 it is evident that
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Fig. 8 Comparison of top floor acceleration time history plots for the earthquake event on 6th,
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the elastomeric bearing isolation system is effective in reducing the roof response of
SS, with reduction of as much as 63.1 % is achieved when interaction effect is
ignored. Only 37.9 % of the ground motion is getting transferred to the roof. Hence,
the isolated buildings can be designed for lesser magnitude of earthquake forces
compared to the conventional buildings.

When SS is housed in base-isolated primary system, a considerable reduction in
the roof acceleration of SS is observed in comparison to when it is housed in fixed-
base PS. It is seen from the time history plots of Fig. 9, that there is reduction of
peak value of the roof response for the base-isolated PS as compared to the SS
housed in fixed-base PS and from Fig. 8, it is evident that the lead plug bearing
isolation system is very effective in reducing the roof response of the isolated
structure, with reduction of as much as 40.9 % achieved when mutual interaction
between primary and secondary is considered. Hence, the isolated system can be
effectively used for the seismic protection of secondary systems.

5 Concluding Remarks

Preliminary investigation of the recorded earthquake events and the structural
responses from both buildings has shown the effectiveness of the isolation systems.
As much as 70 % reduction in roof response for the isolated secondary structure has
been achieved with the elastomeric bearing isolation system. The fixed base sec-
ondary system, on the other hand, has shown structural behavior typical of such
structures, with more amplification in the floor response as compared to base iso-
lated secondary system. This aspect of the behavior of elastomeric bearing needs to
be investigated further.
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Nonstationary Response of Orthotropic
Bridge Deck to Moving Vehicle

Prasenjit Paul and S. Talukdar

Abstract In the present paper, an orthotropic bridge deck has been analyzed to find
out non-stationary response statistics when subject to moving vehicle at variable
velocity. The solution strategy adopted is Monte Carlo simulation technique after
properly developing system equations and dynamic excitation. The governing
partial differential equation of the orthotropic plate is first discretized using mode
superimposition technique and then combined with equation of motions of the rigid
vehicle model. Exact mode shape functions and natural frequencies are used in the
discretization of the equations of motion. Bridge deck roughness has been modeled
by generalized power spectral density (PSD) function. As the vehicle traverses with
variable velocity over the uneven surface, the wheel input becomes nonstationary
which renders the second order statistics of the bridge dynamic response, a time
dependent stochastic process. The response statistics of the mid span displacement
have been presented and effects of vehicle speed/acceleration on the dynamic
amplification factors (DAF) are discussed.

Keywords Dynamic amplification factor �Mode superimposition �Nonstationary �
Orthotropic bridge deck � Power spectral density

1 Introduction

Bridge construction is one of the most important applications of orthotropic plate
structures. Orthotropy is understood as a special case of anisotropy in which the
material properties are different in two mutually perpendicular directions. Ortho-
tropy in bridges is usually achieved by means of transversal and longitudinal ribs
resulting in different stiffness in direction parallel and perpendicular to the bridge
axis. The decks are modeled as equivalent orthotropic plates with elastic properties
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equal to the average properties of various components evenly distributed across the
plates [1].

Theoretical studies on bridge-vehicle dynamic interaction have drawn consid-
erable attention among the researchers. Veletsos and Huang [2] and Fryba [3] have
solved the bridge-vehicle interaction problems with simple beam or continuous
beam model incorporating inertial reaction of the moving weight over the bridge.
Mulcahy [4] utilized an orthotropic plate model of a single span bridge to obtain
dynamic response of a three-axle tractor-trailer vehicle. The effect of rough pave-
ment on the bridge-vehicle dynamic system was considered by Inbanathan and
Wieland [5]. Jayaraman et al. [6] and Gorman [7] presented the results of free
vibration of rectangular orthotropic plate with different edge conditions. A study on
transverse vibration of non homogeneous orthotropic plate of non uniform thick-
ness using spline technique has been conducted by Lal and Dhanpati [8]. Vehicle
interaction with orthotropic bridge model incorporating random surface roughness
are not readily available in literature except for few simplified cases of quarter car
model of vehicle or constant moving mass [9–11]. In the present paper, dynamic
analysis of orthotropic bridge deck subjected to moving load has been presented.
Vehicle model considered has heave and pitch motion with forward velocity var-
iable in time. Because of variable velocity of the vehicle the bridge roughness,
though homogeneous in space, renders to be a temporal nonstationary process. The
study takes the help of modal superposition techniques to develop bridge-vehicle
system equations, which are then numerically solved for stochastic dynamic input
resulted from deck unevenness. Statistics of the responses are presented and
Dynamic Amplification Factor (DAF) for constant velocity and variable velocity
has been discussed.

2 Model of Bridge-Vehicle System

2.1 Vehicle Model

The vehicle body is assumed as rigid beam and it is subjected to heave motion (z) in
the vertical direction and pitch rotation (θ), which is assumed positive in anti-
clockwise direction. The mass of the vehicle body is lumped at its center of gravity,
which is termed as ‘sprung mass (Ms)’. The mass of the axle with wheels are also
assumed to be lumped at the center of the axle and ‘unsprung mass’. The vertical
displacements of the unsprung masses (m1 and m2) of front axle and rear axle are z1
and z2, respectively. The vehicle body and the front and rear unsprung masses are
connected by front and rear suspension system comprising of spring elements of
stiffness ks1 and ks2 and dashpots with damping constants cs1 and cs2, respectively.
Tire stiffness and damping of front and rear axle locations are ku1, cu2 and ku2, cu2
respectively. The model has been presented in Fig. 1. The equation of motion for
sprung mass is

1368 P. Paul and S. Talukdar



Ms z
::þcs1 _zþ l1 _h� _z1

� �
þ cs2 _z� l2 _h� _z2

� �
þ ks1 zþ l1h� z1ð Þ

þ ks2 z� l2h� z2ð Þ ¼ 0:
ð1Þ

Pitching motion of the rigid beam is given by the following equation as

Iv h
::

þ cs1 _zþ l1 _h� _z1
� �

l1 � cs2 _z� l2 _h� _z2
� �

l2 þ ks1 zþ l1h� z1ð Þl1
� ks2 z� l2h� z2ð Þl2 ¼ 0:

ð2Þ

The front and rear wheel bounce can be represented by Eqs. (3) and (4)
respectively as

m1 z
::

1
� cs1 _zþ l1 _h� _z1

� �
� ks1 zþ l1h� z1ð Þ þ cu1 _z1 � _h x1; y1ð Þ � _w x1; y1; tð Þ� �þ

ku1 z1 � h x1; y1ð Þ � w x1; y1; tð Þ½ � ¼ 0; ð3Þ

and

m2 z2
:: �cs2 _z� l2 _h� _z2

� �
� ks2 z� l2h� z2ð Þ þ cu2 _z2 � _h x2; y2ð Þ � _w x2; y2; tð Þ� �þ

ku2 z2 � h x2; y2ð Þ � w x2; y2; tð Þ½ � ¼ 0 ð4Þ

where w(x,y,t) denotes transverse displacement of the plate at time instant t.

ku1

ks1

ku2

z2
m2

ks2

cu1cu2

cs1cs2

m1

Ms, Iv

Bridge
deck

z1

z
Fig. 1 Heave and pitch
model of the vehicle
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2.2 Orthotropic Plate Equations and Discretization

A bridge deck (Fig. 2) has been modeled as a thin orthotropic rectangular plate of
uniform thickness h and of dimension a and b with two sides (x = 0, x = a) simply
supported and opposite two edges as free (Levy’s condition). The governing partial
differential equation of the orthotropic plate of uniform thickness is given by [12]

Dx
@4w x; y; tð Þ

@x4
þ 2Dxy

@4w x; y; tð Þ
@x2@y2

þ Dy
@4w x; y; tð Þ

@y4
þ qh

@2w x; y; tð Þ
@t2

¼ p x; y; tð Þ
ð5Þ

where Dx and Dy are flexural rigidities of the plate in x and y direction, respectively
and Dxy is torsional rigidity of the plate per unit width of. These are given as

Dx ¼ Exh3

12 1�mxymyxð Þ ; Dy ¼ Eyh3

12 1�mxymyxð Þ Dxy ¼ 1
2 myxDx þ mxyDx þ 4Dk
� �

Dk ¼ Gxyh3

12

ð6Þ

where Ex and Ey are elastic moduli of the orthotropic plate in x and y direction,
respectively; νxy or νyx is Poisson’s ratio associated with a strain in the y or
x direction for a load in the x or y direction. Gxy is the shear modulus. The impressed
force, p(x, y, t) can be written as

p x; y; tð Þ ¼ cu1 _z1 � _h x1; y1ð Þ � _w x1; y1; tð Þ� �þ ku1 z1 � h x1; y1ð Þ � w x1; y1; tð Þ½ �� 	
d x� x1ð Þ y� y1ð Þ

þ cu2 _z2 � _h x2; y2ð Þ � _w x2; y2; tð Þ� �þ ku2 z2 � h x2; y2ð Þ � w x2; y2; tð Þ½ �� 	
d x� x2ð Þ y� y2ð Þ

ð7Þ

where δ (.) represents Dirac delta function
The displacement of the plate is represented by the summation of normal mode

function in the x and y co-ordinates as

b

a

x(t),y(t)

z

x

y

Simply supported

Simply
supported

Fig. 2 Bridge deck plate
modeled as orthotropic plate
with Levy’s condition
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w x; y; tð Þ ¼
X
ij

uij x; yð Þq
ij
tð Þ ¼

X
i

X
j

wi xð Þ/j yð Þqij tð Þ ð8Þ

where ψi and φI are normal modes of the plate under appropriate boundary con-
ditions in x and y directions respectively (i = 1, 2, …, m; j = 1, 2, …, n). qij are
corresponding normal coordinates. Adopting Levy’s boundary conditions with
other opposite edges free, the natural frequencies and mode shapes for different
wave numbers (m = 1, 2, 3 …; n = 1, 2, 3 …) have been found [13] which are used
along with orthogonality condition of mode shape function to discretize the plate
equations of motion. The discretized plate equations are given as

Mij gij
::

tð Þ þ Cij _gij tð Þ þ Kijgij tð Þ ¼
Za

0

Zb

0

p x; y; tð Þwi xð Þ/j yð Þdxdy ð9Þ

whereMij ¼
Za

0

Zb

0

qhw2
i xð Þ/2

j yð Þdxdy ð10Þ

Cij ¼
Za

0

Zb

0

cw2
i xð Þ/2

j yð Þdxdy ð11Þ

Kij ¼
Za

0

Zb

0

Dxw
IV
i xð Þwi xð Þ/2

j yð Þ þ 2Dxyw
00
i xð Þ/00

j yð Þwi xð Þ/j yð Þ
þ Dyw

2
i xð Þ/IV

j yð Þ/j yð Þ

" #
dxdy ð12Þ

Here, i = 1, 2, …, m; j = 1, 2, …, n; m and n are wave numbers corresponding to
normal mode of vibration.

3 Response Statistics and DAF

The response of the bridge-vehicle coupled system can be found by solving
simultaneously Eqs. (1) to (4) and Eqs. (9). To solve the system of equations, the
input has to be specified. Here, the input to wheel of the vehicle is the random
surface roughness, which has been digitally simulated from the generalized power
spectral density function [14]. In the formulation, vehicle velocity is assumed to
vary with time which renders the input to be nonstationary process. In order to find
out response statistics, response samples are generated corresponding to each input
sample and ensemble averages are considered to calculate mean and standard
deviation of the bridge response. Newmark’s Beta Method [15] has been adopted
for numerical integration of the system equations. For the illustration of the present
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approach, a simply supported bridge composed of five steel I-girders and concrete
deck has been considered whose details are given below and illustrated in Fig. 3.
The dimensions and material properties are chosen with minor variation as
appropriate to an orthotropic bridge [16].

The parameters of the bridge deck are listed as follows: length of the bridge
(a) = 24.5 m, width of the bridge (b) = 13.7 m, deck thickness (h) = 0.225 m,
Ex = 4.2 × 1010 N/m2, Ey = 2.9 × 1010 N/m2, mass per unit area, (ρh) = 675 kg/m2.
For the steel I-beam: web thickness = 0.012 m, web height = 1.5 m, flange
width = 0.410 m, flange thickness = 0.032 m. The damping ratio of the bridge is
taken as 0.02 for all the vibration modes.

The equivalent orthotropic plate parameters are: aspect ratio = 1.78,
Dx = 2.415 × 109 N-m;Dy = 2.1813 × 107 N-m andDxy = 2.2195 × 108 N-m; principal
vehicle parameters: sprung masseM = 36,000 kg; pitch moment of inertia = 144 × 103

kg m2; unsprung masses m1 = m2 = 2,000 kg; wheel base = 2.0 m; suspension
stiffnesses ks1 = ks2 = 0.9 × 107 N/m; suspension damping: Cs1 = Cs2 = 7.2 × 104

N/ms−1.
Figures 4 and 5 show the effect of increased speed of the vehicle on the mean

deflection and standard deviation at the center of the bridge for constant speed of
the vehicle. It is found that deflection is slightly increased with speed but increase
of speed has caused the shifting of the peak towards left indicating the increase of
excitation frequency. However, standard deviation does not reflect the change of
excitation frequency with increasing speed but peak magnitude is considerably
higher at higher speed.

Effect of accelerated run of the vehicle on the response statistics are presented in
Figs. 6 and 7. Entry velocity of the vehicle is taken as 60 km/h. It is found that
consideration of nonstationarity due to variable velocity does not affect the

b

2.743m

h

(a)

4.865m

a
(b)

Fig. 3 Orthotropic bridge
model, a cross section,
b plan
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maximum values of mean and standard deviation, however, response characteristics
due to passage of moving load can change the location of peak response because of
change in excitation frequency.

The Dynamic Amplification Factor (DAF) has been evaluated and shown in
Figs. 8 and 9 for different velocities and accelerations of the vehicle respectively. In
the present paper, DAF is calculated based on the ratio of maximum mean plus
standard deviation of the deflection to the maximum static deflection.

Fig. 4 Mean deflection of the center of the bridge for constant velocity runs of the vehicle

Fig. 5 Standard deviation (S.D) of the deflection at the center of the bridge for constant velocity
runs

Fig. 6 Mean deflection of at
the centre of the bridge for
accelerated run of the vehicle

Nonstationary Response of Orthotropic Bridge ... 1373



It has been observed in the results that DAF slowly increases up to a speed of
60 km/h, thereafter, increases at higher rate and tends to stabilize beyond 80 km/h
and found to reduce after 85 km/h. This may be attributed to the fact that at some
critical speed of the vehicle, the excitation imposed from spatial disturbance along
the bridge may approach the system’s fundamental natural frequency. However,
this behavior is not observed in case of the accelerated run of the vehicle, as the

Fig. 7 Standard deviation (S.D) of the deflection at the center of the bridge for accelerated run of
the vehicle

Fig. 8 Effect of vehicle velocity on DAF Dynamic amplification factor

Fig. 9 Effect of vehicle acceleration on DAF Dynamic amplification factor
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bridge has shorter time of interaction with the vehicle. The DAF, is however found
to increase with the vehicle forward acceleration. No linear dependence is found in
any one of the cases.

4 Conclusions

The dynamic response of the orthotropic deck slab subjected to nonstationary
excitation induced by moving vehicle has been studied. Nonstationary excitation
has been resulted from the uneven pavement surface traversed by the vehicle at
variable speed. Monte Carlo simulation technique is adopted to find the response
statistics. Increase of vehicle speed does not cause much increase in the mean
response but the time period of mean time history is significantly affected by the
change in vehicle speed. Standard deviation of the response in both constant
velocity and accelerated run of the vehicle is higher when the speed parameter or
forward acceleration increases. DAF for the various vehicle velocities shows that
there exists a critical speed of the vehicle when bridge may undergo excessive
deformation, and therefore, vehicle should ply sufficiently lower than the critical
speed for bridge safety. The DAF is found to found to increase with the increasing
magnitude of vehicle forward acceleration.
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Seismic Performance of Benchmark
Highway Bridge Installed with Passive
Control Devices

Suhasini N. Madhekar

Abstract Major earthquakes of the last few decades have generated a great deal of
interest in structural control systems, to mitigate seismic hazards to lifeline structures
—in particular, bridges. The vast destruction and economic losses during earth-
quakes underscore the importance of finding more rational and substantiated solu-
tions for protection of bridges. One of the most promising devices, considered as a
structural control system, is a passive device. Although, there has been substantial
work in the recent past in the development of seismic isolators and structural control
systems, their effectiveness could not be compared by a systematic study, because
they were applied to different types of structures subjected to different types of
loadings. A benchmark problem on highway bridges has been developed to compare
the performance and effectiveness of different control systems in protecting bridges
from earthquakes. In the present study, seismic response of the Benchmark Highway
Bridge, with passive controllers is investigated. The problem is based on the 91/5
highway over-crossing at Southern California, USA. In the first phase, the deck is
fixed to the outriggers, and in the second phase, the deck is isolated from the
outriggers. Using an analytical frame work, a thorough investigation of the isolation
devices has been carried out to evaluate their effectiveness under different earth-
quakes. The response of the bridge to six different real earthquake ground excitations
is investigated using simplified lumped mass finite element model of the bridge. The
optimum device parameters are investigated to improve response of the benchmark
highway bridge. The study explores the use of seismic isolators, namely, Friction
Pendulum System (FPS), Double Concave Friction Pendulum System (DCFPS),
Variable Friction Pendulum System (VFPS) and Variable Frequency Pendulum
Isolator (VFPI). The governing equations of motion are solved by Newmark-beta
solver in MATLAB and SIMULINK toolbox. The effectiveness of the devices is
explored in terms of reduction of the specified evaluation criteria, considering
maximum and norm values. The analytical simulation results demonstrate that these
isolators, under optimum parameters are quite effective and can be practically
implemented for the vibration control of bridges.

S.N. Madhekar (&)
Department of Civil Engineering, College of Engineering Pune, Pune 411 005, India
e-mail: suhasinimadhekar@gmail.com

© Springer India 2015
V. Matsagar (ed.), Advances in Structural Engineering,
DOI 10.1007/978-81-322-2193-7_106

1377



Keywords Benchmark highway bridge � Friction pendulum system � Double
concave friction pendulum system � Variable friction pendulum system � Variable
friction pendulum isolator

1 Introduction

Seismic design of highway bridges draws great significance since bridges come
under the category of lifeline structures. Strong near-fault ground motions such as
Northridge, Kobe and Chi-Chi earthquake have caused severe effects on the
stability of bridges. Kobe earthquake in Japan (17th January, 1995) and Chi-Chi
earthquake in Taiwan (20th September, 1999) have demonstrated that the strength
alone would not be sufficient for the safety of bridges during an earthquake.
Extensive damage to highway and railway bridges occurred in the Kobe earth-
quake, including the 18-span bridge at Fukae, Hanshin Expressways. In view of the
extensive damage of bridge during earthquake, the current research is focused on
finding out more rational and substantiated solutions for their protection.

Seismic isolators significantly reduce the deck acceleration and consequently the
force transmitted to the piers and abutments. The performance of friction isolators is
quite insensitive to severe variations in the frequency content of the base excitation,
making them more robust. However, the sliding displacement might be unaccept-
ably large and there may be some residual displacement after an earthquake. Jangid
[4] investigated the seismic response of three-span continuous deck bridge isolated
with the FPS under near-fault ground motions and concluded that there exists an
optimum value of the friction coefficient. Kim and Yun [5] presented the Double
Concave Friction Pendulum System (DCFPS) with tri-linear behavior. Panchal and
Jangid [8] proposed an advanced friction base isolator called Variable Friction
Pendulum System (VFPS), for near-fault ground motions. The effectiveness of
friction isolator is enhanced thereby reducing the residual displacements to man-
ageable levels. Pranesh and Sinha [9] proposed an advanced base isolator, Variable
Frequency Friction Isolator (VFPI), which is found to be effective for a wide range
of earthquake excitations.

To compare the performance and effectiveness of various control systems in
protecting bridges from earthquakes, a benchmark problem on Highway Bridge has
been developed by Agrawal and Tan [1]. Tan et al. [10] presented sample passive,
semi-active and active control system designs for the seismically excited bench-
mark highway bridge. The benchmark highway bridge, isolated with the lead
rubber bearings (LRBs) is subjected to the prescribed ground motions. In case of
near-fault motions, large size isolators are required to accommodate large dis-
placements, demanding for more space. Moreover, an inadequate seismic gap
provided to accommodate such large isolator displacement, may lead to pounding
of girders and pounding of deck with abutments [7]. In the present study, the
response of benchmark Highway Bridge seismically isolated with different friction
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isolators is investigated. The specific objectives of the study are summarized as:
(i) to study the dynamic behaviour of benchmark Highway Bridge isolated with
friction isolators; viz. FPS, DCFPS, VFPS, and VFPI; and (ii) to compare the
seismic response of the bridge isolated with friction isolators in terms of the defined
performance criteria.

2 The Benchmark Highway Bridge Model

The bridge model used for the benchmark study is that of the 91/5 highway
overcrossing in Southern California. A brief description of the benchmark bridge
and its model is presented herein and the detailed information can be found in
Agrawal et al. (2009) [12]. The superstructure of the bridge consists of a two-span
continuous, cast-in situ pre-stressed concrete 3-cell box-girder; and the substructure
is in the form of pre-stressed concrete outriggers. Each span of the bridge is 58.5 m
long, spanning a four-lane highway, with two skewed abutments. The width of
the deck is 12.95 m along east and 15 m along west direction. The total mass of the
benchmark bridge is 4,237,544 kg and the mass of the deck is 3,278,404 kg. The
deck is supported by a 31.4 m long and 6.9 m high pre-stressed concrete outrigger,
resting on pile foundation. In the actual bridge, four conventional elastomeric
bearings are provided at each abutment and four passive fluid dampers are installed
between each abutment and the deck-end. In the evaluation model used for
numerical simulations, lead rubber bearings (LRB) are used in place of the elas-
tomeric bearings.

The uncontrolled structure, used as a basis of comparison for the controlled
system, corresponds to the model, isolated with four LRBs at each deck-end. The
model resulting from the finite-element formulation has a large number of degrees-
of-freedom. To make it manageable for dynamic simulation, while retaining
the fundamental behaviour of the bridge, an extensive evaluation model of the
bridge with 430 (N) degrees-of-freedoms (DOFs) has been developed in ABAQUS.
Figure 1 shows the Elevation and plan view of the 91/5 highway over-crossing.
Transverse (referred as x-direction) is the North-South and the longitudinal (referred
as y-direction) is the East-West.

The bridge superstructure is represented by three dimensional beam elements.
Rigid links are used to connect the control devices between the deck-end and
abutments. The effects of soil-structure interaction at the abutments and approach
embankments are taken into consideration [6]. The pre-yield shear stiffness of
bearings (kb1) is 4,800 kN/m and the post-yield shear stiffness (kb2) is 600 kN/m.
The yield displacement of bearing (yP) is 0.015 m and the yield force of the lead
core versus weight of the deck (Qd /Wd) ratio is 0.05. In phase I of the benchmark
highway bridge problem, the bridge deck is fixed to the outriggers whereas in phase
II, the bridge deck is isolated from the outriggers. The present study is focused on
the phase I bridge problem.
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3 Friction Pendulum System

Among various friction base isolators, the Friction Pendulum System (FPS) is most
attractive due to its ease in installation and simple mechanism of restoring force by
gravity action. The sliding surface of FPS is spherical so that its time period of
oscillation remains constant [11]. A continuous model of frictional force of a sliding
system presented by Constantinou et al. [2] is used for the present study. The rigid-
plastic behaviour of the frictional force of the sliding systems is modeled by
nonlinear differential equations. The restoring force of the FPS is considered as
linear (i.e. proportional to relative displacement) and is expressed by

Fb ¼ kbxb þ Fx ð1Þ

where Fx is the frictional force in the FPS in the x-direction; and kb is the stiffness of
the FPS provided by the curvature of the spherical surface through inward gravity
action. The FPS is designed in such a way as to provide the specific value of the
isolation period, Tb expressed as

Tb ¼ 2p
ffiffiffiffiffiffiffiffiffiffi
mdP
kb

r
ð2Þ

Fig. 1 Elevation and plan view of the 91/5 highway over-crossing
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where ∑kb is the total horizontal stiffness of the FPS provided by its curved surface.
Figure 2 shows the schematic diagram of FPS. The most effective FPS for the
benchmark highway bridge is designed by taking the friction coefficient as 0.1 and
selecting the curvature of the spherical surface (R = 1 m) that provides the isolation
period of 2 s.

4 Double Concave Friction Pendulum System (DCFPS)

The Double Concave Friction Pendulum System (DCFPS) is an adaptation of the
traditional, well-proven single concave FPS, which allows for significantly larger
displacements. The principal benefit of the DCFPS is its capacity to accommodate
substantially larger displacements compared to the traditional FPS of identical plan
dimensions. Moreover, there is the capability to use sliding surfaces with varying
radii of curvature and coefficients of friction, offering the designer greater flexibility
to optimize performance. The DCFPS consists of two sliding surfaces with different
friction coefficients and radii of curvature. The effects of DCFPS with various
friction values and restoring properties on a bridge are investigated under various
earthquake excitations. The characteristic of an FPS can be made more effective by
introducing a second sliding surface. Theoretical modeling of DFPS has been
studied by Fenz and Constantinou [3]. A double concave friction pendulum can be
modeled as a serial combination of two FPS as shown in Fig. 3.

Fig. 2 Schematic diagram of typical curved sliding-surface isolator

Fig. 3 Bilinear model of
DCFPS
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Owing to the series nature and neglecting the inertial effect of the small mass
(ms) of slider, the reaction force at two friction pendulum systems (FPS1 and FPS2)
became identical, from which the reaction force of the DFPS can readily be
obtained. Parameters of DCFPS are suggested by Constantinou (2004) [13] as
Radius of FPS1 (R1 = 1.074 m), Radius of FPS2 (R2) = 1.074 m, and the corre-
sponding coefficient of friction are µ1 = 0.03 and µ2 = 0.06. These are used for the
application of DCFPS to the benchmark highway bridge.

5 Variable Friction Pendulum System

The Variable Friction Pendulum System (VFPS) proposed by Panchal and Jangid
[8] is an advanced friction base isolator similar to the FPS in terms of geometry.
The difference between the FPS and the VFPS is that the friction coefficient of FPS
remains constant whereas the friction coefficient of VFPS is varied in the form of a
curve. This feature of the VFPS makes it more robust and superior friction isolator
device. Figure 4 illustrates the comparison between the friction coefficient of FPS
and VFPS. The selected variation of the friction coefficient is such that up to a
certain value of isolator displacement, the frictional force increases and then it
decreases with further increase in the displacement. A mathematical idealization is
used for the variation of the friction coefficient. The equation adopted to define the
curve for friction coefficient, µ of VFPS is as follows

l ¼ ðl0 þ a1 xbj jÞe�a2 xbj j ð3Þ

where µ0 is the initial value of friction coefficient; a1 and a2 are the parameters that
describe the variation of friction coefficient along the sliding surface of VFPS; and
xb is the isolator displacement. To find parameters a1 and a2, a straight line can be
drawn from the origin up to the peak value of the friction coefficient which is
generally kept in the range of 0.15–0.2. The slope of the line gives the initial
stiffness of the VFPS which controls its initial time period. Referring to the Fig. 4,
the initial stiffness of the VFPS is given by

ki ¼ lmaxW
xbmax

ð4Þ

In Eq. (4), µmax is the peak friction coefficient of the VFPS; xbmax is the isolator
displacement corresponding to maximum value of friction coefficient; and W is the
weight supported by the VFPS. The term µ0 + a1 |xb| in the Eq. (3) represents linear
increase of friction coefficient and the term e−a2|xb| represents exponential decrease
in friction coefficient. The initial time period, Ti of the VFPS is given by
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Ti ¼ 2p
ffiffiffiffiffiffiffiffiffiffi
mdP
ki

r
ð5Þ

where ∑ki is the total initial stiffness of VFPS isolators. The initial value of friction
coefficient µ0 is assumed as 0.025. The total force of VFPS consists of two main
components i.e. (i) the force due to the component of the self-weight tangent to
sliding surface and (ii) the frictional force opposing the sliding. The self-weight
always contributes towards the restoring mechanism and is directed towards the
initial position. The direction of friction force is opposite to the direction of sliding
and may contribute or resist the restoring mechanism. Thus, the forces due to the
component of the self-weight and frictional force are additive or subtractive
depending on the direction of sliding.

Fs ¼ lW ð6Þ

The limiting value of the frictional force Fs to which the VFPS can be subjected
before sliding, is expressed by Eq. (6), where µ is the coefficient of friction of the
VFPS controlled by Eq. (3) which can be defined by two parameters, namely
the initial time period, Ti and the peak friction coefficient µmax The stiffness, of the
VFPS is designed so as to provide the specific value of the isolation period, Tb
given by Eq. (2), where ∑kb is the total stiffness of the VFPS isolators provided by
its spherical surface. The results of the analytical parametric study performed on
VFPS suggest following parameters for the present study. Ti = 1.2 s, Tb = 2 s and
µmax = 0.20.

Fig. 4 Variation of
coefficient of friction
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6 Variable Frequency Pendulum Isolator (VFPI)

The Variable Frequency Pendulum Isolator (VFPI) proposed by Pranesh and Sinha
[9] is an advanced base isolator, effective for a wide range of earthquake excita-
tions. The essential characteristics of VFPI include its ability to change the fun-
damental time period of isolated structure with sliding displacement and its ability
to limit the maximum lateral force transmitted to the structure due to ground
motions. Its performance is found to be stable during low-intensity excitations and
fail-safe during high intensity excitations. The geometry of the sliding surface of
isolator can be chosen to achieve a progressive period shift at different response
levels such that its frequency decreases with increase in sliding displacement and
asymptotically approaches zero at very large displacement.

The oscillation frequency continuously varies, even for high level of excitation
and the isolation always remains effective. The restoring force decreases for larger
sliding displacement and thereby provides force-softening mechanism. It gives
performance similar to that of FPS for low levels of excitation and similar to that of
PF system for high level of excitation. The geometry of sliding surface of VFPI can
be represented as:

y ¼ b 1�
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
d2 þ 2d x sgnðxÞp
d þ x sgnðxÞ

" #
ð7Þ

where b and d are the geometrical parameters defining the profile of the sliding
surface and y is the vertical displacement. The signum function sgn(x) has been
incorporated to maintain symmetry of the sliding surface about the central vertical
axis. It assumes a value of +1 for positive sliding displacement and −1 for negative
sliding displacement. The instantaneous isolator frequency ωb(x), at any sliding
displacement is expressed as

x2
bðxÞ ¼

x2
I

ð1þ rÞ2 ffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ 2r

p ð8Þ

where r is a non-dimensional parameter, given by r = x sgn(x)/d, ωI is the initial
frequency of the isolator when displacement x is zero, defined as ωI

2 = gb/d2. In
Eq. (7), the parameters b and d completely define the isolator properties. The ratio
b/d2 decides the initial frequency of the isolator and the value of d decides the rate
of variation of the isolator frequency. The factor 1/d is termed as frequency vari-
ation factor (FVF). The isolator frequency ωb(x) depends solely on geometry of the
sliding surface, which is selected such that ωb(x) continuously decreases; increasing
the isolation period of the structure. The rate of decrease of isolator frequency is
directly proportional to the FVF for a given initial frequency. A very low value of
FVF results in a performance similar to FPS, with almost constant isolator period,
while a very high value results in performance similar to PF system [9].
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Fb ¼ kbxb þ Fx ð9Þ

The restoring force of VFPI is given by given by Eq. (9), where ωb(x) varies
according to Eq. (8). The results of the analytical parametric study performed on
VFPI suggest frequency variation factor (FVF) = 5, Ti = 2.25 s and µ = 0.07, which
yield a considerable reduction in the displacement of the deck and abutment
bearings of the bridge, without hampering the gain achieved in the base shear
response. Schematic details of the VFPI and its attachment mechanism for bridge
are shown in Fig. 5.

7 Governing Equations of Motion

For the benchmark highway bridge, the governing equations of motion are obtained
by considering equilibrium of forces at the location of each degree of freedom
during seismic excitations. The nonlinear finite element model of the bridge is
considered excited under two horizontal components of earthquake ground motion,
applied along the two orthogonal directions, acting simultaneously at all supports.
The responses in both directions are considered to be uncoupled and there is no
interaction between frictional forces. The equations of motion of the evaluation
model are expressed in the following matrix form:

M½ � u
::
tð Þ� �þ C½ � _u tð Þf g þ K tð Þ½ � u tð Þf g ¼ � M½ � gf g u

::

g
tð Þ

� �
þ b½ � F tð Þf g ð10Þ

Fig. 5 Attachment of VFPI
to bridge
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u(t)f g ¼ x1; x2; x3; . . .; xN ; y1; y2; y3; . . .; yNf gT ð11Þ

ug
::� � ¼ xg

::

yg
::

� �
ð12Þ

where [M], [C] and [K(t)] are the mass, damping and stiffness matrix, respectively
of the bridge structure of the order 2N × 2N; a {u

::
tð Þ}, { _u tð Þ}and {u(t)} are

structural acceleration, structural velocity and structural displacement vectors,
respectively of size N × 1; {ug

::
tð Þ} is the vector of earthquake ground accelerations

acting in two horizontal directions; representing the earthquake ground accelera-
tions (m/s2) in the transverse and longitudinal directions, respectively; xi and yi
denote displacements of the ith node of the bridge in transverse and longitudinal
directions, respectively; {F(t)} is the vector of control force inputs; {η} is the
influence coefficient vector; and {b} is the vector defining how the forces produced
by the control devices enter the structure. The governing differential equations of
motion of the bridge are solved by Newmark-β iterative method of step-by-step
integration. The time interval for solving the equations of motion is taken as
0.002 s.

8 Numerical Study

The seismic response of benchmark highway bridge is investigated for the six
specified earthquake ground excitations, namely (i) North Palm Springs (1986),
(ii) TUC084 component of Chi-Chi earthquake, Taiwan (1999), (iii) El Centro
component of 1940 Imperial Valley earthquake, (iv) Rinaldi component of
Northridge (1994) earthquake, (v) Bolu component of Duzce, Turkey (1999)
earthquake and (vi) Nishi-Akashi component of Kobe (1995) earthquake. To
control the response, at each junction of deck and abutment, four isolators of
1,000 kN capacity each are installed. All isolators contribute equally in carrying the
deck-mass. To facilitate direct comparison and to evaluate the capabilities of var-
ious protective devices and algorithms, evaluation criteria have been developed, as
shown in Table 1. The value of performance criteria = 1 indicates uncontrolled
response. It is seen from the table that all most for all earthquakes, FPS, DCFPS,
VFPS and VFPI are most effective in reducing the response of the benchmark
highway bridge. Bold numbers indicate the least response. Hysteresis loops of FPS
and VFPI for Chi Chi earthquake are shown in Fig. 6. Larger area under the loop
indicates greater energy dissipation.
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Table 1 Comparison of response by different passive devices

Isolator North Palm
Springs

Chichi El Centro Rinadi Turk
Bolu

Kobe

J1 (Peak base shear)

FPS 1.059 0.822 0.755 0.891 0.940 0.885

DFPS 1.090 0.800 0.680 0.870 0.930 0.870
VFPS 1.019 0.789 0.795 0.847 0.895 0.894

VFPI 1.023 0.891 0.845 0.930 0.939 0.902

J2 (Peak base moment)

FPS 0.728 0.981 0.720 0.978 0.990 0.668
DFPS 0.670 0.980 0.650 0.980 0.980 0.670

VFPS 0.737 0.983 0.738 0.973 0.982 0.673

VFPI 0.786 0.982 0.803 0.983 0.987 0.768

J3 (Peak midspan displacement)

FPS 0.761 0.939 0.798 0.865 0.847 0.753

DFPS 0.700 0.910 0.720 0.820 0.800 0.750
VFPS 0.768 0.887 0.821 0.790 0.768 0.757

VFPI 0.815 0.964 0.878 0.915 0.897 0.764

J4 (Peak midspan acceleration)

FPS 1.147 1.044 1.049 0.996 1.000 1.039

DFPS 1.270 1.080 1.000 1.020 1.010 1.140

VFPS 1.374 1.032 1.174 0.957 0.984 1.074

VFPI 1.018 0.997 1.025 0.969 0.984 1.034
J5 (Peak bearing deformation)

FPS 0.647 0.898 0.436 0.834 0.800 0.428

DFPS 0.580 0.860 0.380 0.770 0.740 0.350
VFPS 0.526 0.840 0.444 0.749 0.711 0.351

VFPI 0.683 0.939 0.492 0.899 0.852 0.534

J9 (Normed base shear)

FPS 0.944 0.860 0.554 0.811 0.855 0.717

DFPS 0.970 0.830 0.530 0.780 0.830 0.730

VFPS 0.916 0.823 0.545 0.768 0.812 0.715

VFPI 0.879 0.899 0.556 0.859 0.914 0.714
J10 (Normed base moment)

FPS 0.668 0.820 0.420 0.840 0.756 0.629

DFPS 0.620 0.820 0.350 0.800 0.670 0.560
VFPS 0.678 0.800 0.501 0.789 0.581 0.631

VFPI 0.726 0.853 0.520 0.878 0.934 0.674

J11 (Normed midspan displacement)

FPS 0.692 0.821 0.436 0.807 0.659 0.656

DFPS 0.650 0.770 0.360 0.760 0.540 0.590
VFPS 0.699 0.746 0.520 0.734 0.546 0.660

(continued)
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Table 1 (continued)

Isolator North Palm
Springs

Chichi El Centro Rinadi Turk
Bolu

Kobe

VFPI 0.748 0.876 0.535 0.866 0.725 0.699

J12 (Normed midspan acceleration)

FPS 1.009 0.937 0.824 0.923 0.995 1.014

DFPS 1.020 0.930 0.780 0.920 1.010 1.050

VFPS 0.975 0.915 0.756 0.896 0.981 1.029

VFPI 0.977 0.940 0.795 0.924 0.959 0.933
J13 (Normed bearing deformation)

FPS 0.531 0.794 0.272 0.780 0.476 0.257

DFPS 0.390 0.740 0.210 0.720 0.360 0.220
VFPS 0.513 0.711 0.325 0.699 0.369 0.247

VFPI 0.460 0.860 0.337 0.851 0.522 0.317

Fig. 6 Hysteresis loops for FPS and VFPI
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9 Conclusions

The analytical seismic response of a simplified benchmark model of 91/5 highway
bridge at Southern California with friction isolators, viz. FPS, DCFPS, VFPS and
VFPI is investigated under two horizontal components of the six recorded earth-
quake ground motions. The seismic response of the bridge with isolators is evaluated
using standard numerical technique and SIMULINK models. The effectiveness of
the isolators is studied under different system parameters for assessment of their
comparative performance. From the trend of the results of the present study, the
following conclusions are drawn:

1. With the installation of friction isolators in the benchmark highway bridge, the
base shear and isolator displacement under near-fault ground motions can be
controlled within a desirable range.

2. The most appropriate parameters of each device have been decided through
large number of numerical simulations. It is found that isolators with these
parameters substantially reduce the overall repose of the benchmark highway
bridge.

3. The isolators maintain the potential benefits of base isolation as well as reduce
the isolator displacement and pier base shear thereby proving their effectiveness
in controlling the response of the benchmark highway bridge.

4. The isolators are found to be significantly controlling the peak displacement
response of the deck and abutment bearings, while simultaneously limiting the
pier base shear response. Average reduction in the peak bearing displacement is
substantial, as compared to the uncontrolled repose.
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Estimation of Seismic Capacity
of Reinforced Concrete Skew Bridge
by Nonlinear Static Analysis

E. Praneet Reddy and Kaustubh Dasgupta

Abstract Skew bridges are constructed in situations where the supports need to be
aligned in a non-orthogonal orientation with the direction of traffic. During strong
earthquake shaking, the non-orthogonal orientation of deck leads to rotation in the
deck and significant overall torsional response of the deck. Finally, this rotation
may lead to unseating of the deck and failure in pier as observed during several past
earthquakes. Based on a representative skewed bridge thirty five models of bridges
with varying angle of skew and varying soil conditions having similar dimensions
are modeled and analyzed using nonlinear static analysis. The bridges are modeled
using the computer program SAP2000. Lumped plasticity model is adopted by
assigning flexural plastic hinges at appropriate sections of the piers. The rotation of
the deck, torsion in the piers, lateral force in bearings, lateral shear and displace-
ment capacities of the various RC skew bridge are estimated and compared with
each other and with those of a non-skew bridge with similar dimensions. The effect
of soil structure interaction on the behavior of the bridge is also studied. It is
observed that the rotation in the skew bridge with a smaller skew angle begins
earlier either in the case of a seat type abutment or the case where there is a
deterioration in the lateral capacity of the bearings at the abutment. The consider-
ation of soil structure interaction shows that softer soils provide for greater deck
rotations and smaller torsion in the pier. Comparison of various pushover curves
with bearings fixed at abutments in the direction along the abutment, shows the
trend in the contribution of the abutment with the skew angle and the effect of soil
structure interaction in the longitudinal and transverse pushover cases.
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1 Introduction

Skew bridges are ones where the supports are not orthogonal to the direction of
traffic. They are not chosen willingly but are necessitated due to site considerations
such as alignment constraints, land acquisitions problems etc. The behaviour of
skew slabs is complicated and there is a tendency to avoid or reduce the skew
effects. As seen is past research, it was reported by Maragakis and Jennings [4] that
the planar rigid body rotation of the deck was the main cause of extensive damage
in the bridges which was a result of skewness of the deck. Priestly et al. [6],
Watanabe and Kawashima [9] suggested that the planar rigid body rotation was a
result of the pounding of the deck with the abutment. This rotation took place in the
direction of decreasing skew such that the length supported by the abutment
decreases, creating a tendency of the deck to drop off the support at the acute
corners.

Hsu and Wang [3] and Tirasit and Kawashima [7] investigated the behaviour of
reinforced concrete members subjected to bending and torsion, it was concluded
that major reductions in flexural strength of the member were exhibited when
moderate degrees of torsion was applied. Tirasit and Kawashima [8] suspected the
skewed bridge piers to be susceptible to seismic torsion because of the in plane
rotation of skewed bridge deck caused by the collision of the deck with the abut-
ments and adjacent spans. The large eccentric impact force due to the locking of
bearing movement after failure sharply increases seismic torsion in skewed bridge
piers.

This paper presents a parametric study of skewed bridges with varying skew
angle and soil condition. Pushover analysis is conducted on varying skew angles of
15°, 30°, 45° and 60° with soft, medium, stiff and rocky soil conditions. Gazetas [2]
proposed a set of algebraic formulas to easily compute the stiffness of foundations
in a homogeneous half space. The influence of the skew angle and soil condition on
the initial stiffness, lateral displacement capacity, maximum base shear, rotation of
the deck and torsion in the pier are investigated.

2 Representative Bridge and Modeling

A two-span continuous skewed bridge (skew angle 40°) is chosen to be the rep-
resentative bridge for the parametric study, similar to the one selected for analysis.
The skewed bridge consists of a composite deck with a mass of 1.25 tons supported
by 2 reinforced concrete abutments and 1 reinforced concrete pier. The pier denoted
by P1 is 10 m high and has a square section of dimensions 3 m × 3 m. The
abutments denoted by A1 and A2 are 5.1 m high and have a 2 m × 15.66 m wall
section. The compressive strength of concrete used in the piers and abutments is
21 MPa. 29 and 19 mm deformed bars are used in the longitudinal and transverse
reinforcement of SD295 grade having a yield strength of 295 MPa. The deck is
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supported by 5 bearings at each of the abutments and pier. The bearings are of
2 types, fixed bearing denoted by FB and movable bearing denoted by MB. The
fixed bearing is locked in the longitudinal and transverse direction where as the
movable bearing is free in the longitudinal but restrained in the transverse direction.
The FB is located at pier and the MB located at both the abutments. The pier is
resting on a shallow footing. Figure 1 shows representative diagram of skew bridge
and square pier section reinforcement detail [5]. Figure 2 show an idealized figure
of skew bridge.

Using the above mentioned base bridge as reference, 5 similar bridges with skew
angles of 0°, 15°, 30°, 45°, 60° were appropriately modelled to study the effect of
skew angle. The global “X” axis is in the direction joining the abutments and the
global “Y” axis perpendicular to the X axis in the plane of the deck, the Z axis is the
vertical direction of the bridge. The skew angle is the angle between the normal to
the centreline of the bridge and the centreline of the abutment or pier cap. The
skewed axis “x” axis and “y” axis is obtained by rotating the global coordinates by
the skew angle about the vertical axis. The length and width of the bridge deck was

Fig. 1 Representative skew
bridge and square pier section
reinforcement detail [6]
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kept constant while varying the skew angle. The pier, pier cap, abutment and
bearings were aligned appropriately to the skewed angle of the deck.

The objective of the modelling is to accurately predict the response of the bridge
using a mathematical formulation. The computer program SAP2000 V14.0.1 [1]
was used to model the bridges and carry out the required analysis. The modulus of
elasticity of the concrete used is 23,000 MPa, the strain at unconfined compressive
strength is 0.002 and the ultimate unconfined strain capacity is 0.005. The confined
compressive strength is 47.6 MPa at a strain of 0.01. The reinforcing steel used is as
per JIS G 3112 having elastic modulus of 200,000 MPa with a yield stress of
295 MPa and an ultimate tensile stress of 440 MPa.

The pier, pier cap, girders and abutment are modelled using frame elements and
the deck slabs using shell elements. The bridge superstructure consisting of the pier
cap, girder and deck are assumed to remain in the elastic range under seismic force
input whereas the pier and abutments under the seismic force input may enter the
nonlinear range. The deck modelled as a shell element is given the material
properties of concrete and a thickness of 235 mm. The steel girders are I sections of
2.2 m depth and 40 m long which are continuous at the pier. The deck and the
girder are discredited to ensure displacement compatibility between the girder and
deck at intermediate points. The cap beam is modelled as a frame element with a
rectangular cross section and is connected to the deck section through the bearing
elements.

The bearings are of 2 types; movable bearing (MB) which is free in the longi-
tudinal direction but restrained in the transverse direction and fixed bearings (FB)
which is restrained in both the longitudinal and transverse direction. The bearings
are expected to have rupture strength of 574.7 kN with a failure displacement of
1 mm, the stiffness of the bearings are given accordingly.

The pounding between the deck and the abutment is represented by a link
element with the corresponding stiffness given

kI ¼ cnEA=L ð1Þ

where, EA and L are the axial stiffness and the length of the bridge deck respec-
tively; n is the total number of beam elements on the length L and γ is the stiffness
ratio which is equal to 1. EA is 1.217 × 105 MN, L is 80 m and n is 8. The stiffness
of the pounding spring is 12,174 MN/m.

Fig. 2 Representative skew bridge idealization
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The pier is modelled using the frame element in the Section Designer module.
Discretization helps approximate the lumped masses at the center of each element to
help increase the accuracy of analysis. A similar modelling is carried out for
modelling the abutment section.

The pier and abutment are expected to enter the nonlinear range and hence hinge
must be defined for each of abutments and pier to account for the plastic defor-
mation in the structure. The length of the plastic hinge is determined using the
following expression

Lp ¼ 0:08L þ 0:022fyedbl [ 0:044fyedbl ð2Þ

where fye is the yield stress and dbl is the diameter of the rebar used. The length of
the plastic hinge for the pier is computed as 1 m and for the wall section is 0.3 m.
The lumped plasticity model is adopted for analysis; the hinge is located at the
section which is at center of the plastic hinge length.

A user defined interacting P-M-M hinge which is deformation controlled is
adopted. The corresponding interaction surface and the moment curvature plots
given as input for various axial force values close to the one obtained during
analysis.

To account for the soil structure interaction the foundation of the pier is also
modelled based on the set of algebraic formulae proposed by Gazetas [2]. Seven
different soil conditions; very soft clay, soft clay, medium clay, stiff clay, very stiff
clay, hard clay and rocky are adopted to study the effect of soil structure interaction.

Parameters ϕ, γ and σ of the various soil are kept constant where as the c and E
of the soil is varied to obtain the different soil conditions. Based on the soil
properties and the axial force in the column, bearing strength and dimension of the
footing required is calculated. Finally the values of Kx, Ky, Kz, Krx, Kry and Kt are
calculated. The corresponding linear springs are assigned at the base of the pier.

3 Analysis and Results

The bridges modeled are analyzed using displacement controlled non linear static
analysis or pushover analysis is the longitudinal and transverse direction. The
analysis is performed in a load control manner to apply all gravity loads on the
structure and then a lateral pushover analysis in a displacement control manner
starting at the end of the gravity load case.

As seen in past literature it is reported by Maragakis and Jennings [4] that the
planar body rotation of deck due to pounding of deck with abutment is a major
source of damage in skew bridges and reported by Ngoc et al. [5] that the bearings
of skewed bridges suffer extensive damage resulting in deterioration of the lateral
capacity. To study the behavior of the skewed bridge where in there is extensive
damage in the bearing leading to deterioration of lateral capacity, the bearings at
the abutments are made free to translate in the direction along the abutment that is
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the “y” axis as well, this is also the case for seat type abutments where the deck is
not rigidly connected to the abutments.

Figures 3 and 4 show the rotation of the deck for varying skew angles and
varying soil conditions. It is observed that the rotation of the deck for a given
displacement of the deck in the longitudinal direction decreases with increasing
skew. The rotation is highest in the case of 15° and decreases for 30°, 45°, 60°, the
rotation is zero for the case of 0° skew angle. The reverse is true in the case of
rotation of the deck for transverse pushover with the 60° having the greatest rotation
for a given displacement followed by 45°, 30°, 15° and zero in the case of 0° skew
angle.

The pounding gap is set as 100 mm, when this gap closes pounding occurs which
causes rotation in the deck. In longitudinal pushover the pounding gap first closes in
the case of 0° skew angle bridge at a displacement of 100 mm but this does not cause
any rotation as there is no contribution of the pounding spring in the transverse
direction of the bridge. The pounding gap next closes in the case of 15° skew angle
bridge at a displacement of 103.53 mm 100=cos15� mmð Þ then followed by 30°, 45°
and 60° skew angle bridge at 115.47, 141.42 and 200 mm respectively. Hence we

Fig. 3 Deck rotation for 0°, 15°, 30°, 45°, 60° with rocky soil condition

Fig. 4 Deck rotations for 30° skew with varying soil condition
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observe that the rotation starts first in the case of 15° followed by 30°, 45° and 60°. In
the transverse pushover the order is reversed as the first to close would be 60° skew
angle at a displacement of 115.47 mm ð100=cosð90� � 60�ÞmmÞ followed by 45°,
30° and 15° at 141.42, 200 and 386.37 mm. Similar trends are observed for the
various soil conditions.

The soil condition allows some of the rotation in the deck to be transferred to the
foundation through the pier allowing for greater rotation of the deck in softer soils.
As the stiffness of the soil increases the resistance of the foundation to rotate
increases, providing greater resistance to the rotation of the deck. Hence we observe
that deck rotation is the least in the case of rocky foundation and increases as the
stiffness of the soil decreases.

Figure 5 compares the torsion developed in the piers for various skew angles for
the rocky soil condition. The torsion in the piers is a direct result of the rotation of
the deck and hence follows a similar trend for the various skew angles with varying
soil condition.

Assuming that there is no deterioration in the lateral strength of the bearings, the
bearings at the abutments are fixed in the transverse direction. Figure 6 shows the
transverse force in the bearings encountered during the longitudinal pushover. Here

Fig. 5 Torsion in pier for rocky soil condition with varying skew angle

Fig. 6 Transverse force in
bearings for varying skew
angle in rocky soil condition
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Fig. 7 Longitudinal and Transverse Pushover curves for 15°, 30°, 45°, 60° with varying soil
conditions
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it is observed that the transverse force is not significant until the rotation in the deck
takes place. This curve gives us a magnitude of the transverse force that the bearing
must be able to sustain based on the level of displacement expected.

The pushover curves for a given skew angle with varying soil conditions are
compared in Fig. 8. It is observed here that in the longitudinal pushover when the
skew angle is small; the soil condition plays a major role in determining the initial
stiffness of the structure, with increasing skew angle this contribution significantly
diminishes. The reverse is true in the case of transverse pushover where the soil
condition has a greater contribution in the initial stiffness of the structure when the
skew angle is high. This behavior may be attributed to the significant contribution
of the abutment to the initial stiffness of the structure due to the restraint of the
movable bearing along the length of the abutment, at high skew angle during
longitudinal pushover and at low skew angles during transverse pushover. It is also
observed that in these cases the abutment is entering the plastic zone and displaying
plastic rotation by formation of plastic hinge before the pier, supporting the fact that
the initial stiffness is governed by the abutment.

The maximum base shears for the various soil conditions are close with an
exception of the rocky soil condition. The displacement corresponding to the
maximum base shear has a direct relation to the soil condition. For shallow foun-
dations with close dimensions this displacement decreases with the increasing
stiffness of the soil. When the dimensions of the foundation vary the displacement
depends on the dimension of the foundation and the corresponding elastic spring
stiffness obtained i.e. greater the spring stiffness lesser the displacement. This
explains the trend when we have shallow footings with close dimensions.

From the pushover curves in Fig. 7, it is also observe that the post maximum
base shear stiffness increases in magnitude as the stiffness of the soil increases. The
drop is more sudden in the case of rocky and gradual in the case of very soft soil.

In Fig. 8, the pushover curves for very soft soil condition with varying skew
angle are compared for longitudinal and transverse pushover. It is observed that
during the pushover the case where the abutment has the maximum contribution has
the higher initial stiffness and the greatest peak base shear. In the case of transverse
pushover the length of the abutment is significantly higher in the case 60° skew

Fig. 8 Pushover curves for very soft soil with varying skew angle
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angle and is the reason that it has a higher peak base shear as compared to 45° skew
angle. With the decreasing contribution of the abutment the displacement corre-
sponding to maximum base shear increases and the post peak stiffness is more
gradual. Similar trends are observed for all the soil conditions.

4 Conclusions

The following salient conclusions are drawn from the present study:

(1) When the bearing at the abutments have insufficient lateral capacity or get
ruptured leading to deterioration in the lateral capacity the rotation in the deck
is significant imposing greater torsional demand on the pier. This leads to
rotation of the deck at a smaller displacement in case of bridges with smaller
skew angles.

(2) The stiffer the soil condition the greater its capacity to resist rotation of the
pier. This induces higher force demand in bridge piers on soft soils.

(3) The rotation of the deck due to pounding and the soil condition must be taken
into account for bearing design for skewed bridges.

(4) In general for a given skew angle and given soil condition the transverse
stiffness is greater for skew angle below 45° and is the reverse when skew
angle is greater than 45°.
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Wind Induced Vibration Response

of Structures



Shape Memory Alloy-Tuned Mass
Damper (SMA-TMD) for Seismic
Vibration Control

Sutanu Bhowmick and Sudib K. Mishra

Abstract Tuned-Mass-Damper (TMD) is a passive control device for vibration
control of structures. However, the requirement of higher mass ratio restricts its
applicability for seismic excitations. The improved performance of TMD is
attempted herein by supplementing it with nonlinear restoring devices made of
Shape-Memory-Alloy (SMA) (hence referred as SMA-TMD), motivated by its
energy dissipation capability through micro-structural phase transitional hysteresis
under cyclic loading. Extensive numerical simulations are conducted based on
nonlinear random vibration analysis. A design optimization based on minimizing
the root mean square displacement of the main structure is also carried in search for
the optimal design parameters, latter validated through its performance under
recorded ground motions. Significant improvements of the control efficiency and
reduction of TMD displacement at a much reduced mass ratio is achieved by the
SMA-TMD.

Keywords Tuned mass damper � Shape memory alloy � Vibration control �
Earthquake � Optimization

1 Introduction

The potential of Tuned Mass Damper (TMD) in reduction of vibration effects of
structures under various type of excitations is well established [1] and was suc-
cessfully implemented to many well known structures, such as the Citicorp Center
(New York), John Hancock Tower (Boston), Funade Bridge Tower (Osaka), CN
Tower (Toronto) and Taipei 101 (Taipei) are to mention a few. A summary of these
applications is illustrated by Lee et al. [2].
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The TMD is composed of a mass, damping device and a restoring mechanism
with which it is attached to the primary structure intended for vibration control. The
frequency of the TMD is tuned to the fundamental mode of the structure, so that at
the exciting frequency the TMD will resonate out of phase with respect to the
structural motion. This allows transferring the kinetic energy from the main
structure to the TMD which is subsequently dissipated through viscous damping.
Although the frequency and damping ratio of TMD are important parameters to
influence the controlled response of the structure, the mass ratio also play signifi-
cant role.

The studies on optimal design of TMD with linear spring and viscous damping
are well established. Neglecting damping of structures, Den Hartog stipulates for-
mulas for choosing the optimum damping and stiffness for the TMD for given mass
ratio [3]. A single-degree-of-freedom-system (SDOF) with a linear TMD subjected
to white-noise base excitation was analyzed by Crandall and Mark [4]. Design
formulas for optimum parameters for linear TMD were derived by Fujino and Abe
[5]. Bakre and Jangid [6] has studied the optimum damping and tuning ratio of a
linear TMD attached to a SDOF system subjected to both external loads and base
excitations. Noting that a single TMD can only be optimally tuned to the funda-
mental mode of a structure, multiple TMDs have been proposed [7–10] to suppress
higher modes of vibration.

It is relatively recent that the TMD has been supplemented by nonlinear hys-
teretic damper for enhanced dissipation of vibration energy. Inaudi and Kelly [11]
proposed friction dampers as a mean of energy dissipation in TMD. Performance
and design optimization of TMD with nonlinear viscous damper under random
white noise excitation has been studied by Rudinger [12]. Unlike linear TMD, the
optimal characteristics of nonlinear TMDs depend on the intensity of excitations.
The effectiveness of TMD supplemented by elasto-plastic restoring mechanism
is investigated by Jaiswal et al. [13]. It is demonstrated that such TMD shows
frequency-sensitive characteristics and are found to be more effective than the
conventional TMD only in certain range of the exciting frequencies.

TMDs have been proven effective in suppressing vibrations induced by narrow
band excitations such as wind loads in tall buildings and traffic loads in bridges. In
fact, the applicability of TMDs in tall buildings is primarily in view of the response
control under wind loading. The effectiveness of TMD in suppressing broadband
excitations, such as earthquake induced motion is still debated [14, 15]. A general
observation is that the mass ratio of the TMD needs to be much higher (5–8 %) for
being effective in seismic environment [16]. However, the requirement of such
higher mass ratio restricts its applicability for seismic vibration control of civil
engineering structures. In this regard, the ability of Shape Memory Alloy (SMA) in
dissipating the input energy through hysteretic phase transformation of its micro-
structure under cyclic loading is notable [17–19]. Thus, a TMD system supple-
mented with SMA is expected to be more effective in seismic vibration control.
Moreover, the relative motion of TMD with respect to main mass is also an
important aspect in view of restraining the extended physical limits of TMD [20–22].
A penalty is imposed on the control effort to obtain controllers for a range of
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displacement amplitudes for system with space constraint [20–22]. It is also
expected that due to its force-deformation characteristic, the SMA-spring 7might
reduce the displacement of the TMD largely, which could be much lesser than that
experienced by the conventional linear-TMD.

With above in view, an attempt has been made in the present study to explore the
improved performance possible to achieve by TMD system supplemented with
SMA in controlling earthquake induced vibration of structures in passive mode.
This is also compared with the conventional linear TMD through extensive
numerical simulations.

2 Force-Deformation Behavior of SMA

The property of SMA that is indeed of interest is the super-elasticity. This property
is discussed with reference to the plot in Fig. 1a, b. The SMA remains in Austenite
phase (OA) above certain range of temperature. While loaded, the Austenite SMA
starts transforming into Martensite (AB), resulting in a stress-plateau (AB). The
force required to trigger the Austenite to Martensite phase transition, corresponding
to point A is called the (forward)-transformation strength, denoted as Fys. This is an
important parameter to govern the behavior of SMA-based system. The gradual
transition in its microstructure from the Austenite to Martensite phase is completed
at the end of this plateau (B). At any instant, the fraction of Martensite is denoted as
n (Fig. 1b). On further loading, fully transformed Martensite again shows evidence
of further hardening (BC). During unloading (CD), the Martensite SMA recovers its
deformation by gradual backward transformation from the Martensite to Austenite
(DE), which is accompanied by decreasing fraction of Martensite nð Þ. The satu-
ration and depletion of the Martensite is attained on completion of phase transition,
indicated by point B and E. It is noted that no residual displacement is left after
completion of the back-transformation through unloading. Two important charac-
teristics of the flag-shaped hysteresis of SMA are (1) the hysteresis loop is fat
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Fig. 1 Schematic a load-deformation behavior of superelastic SMA and b respective phase
transition in its microstructure
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enough to dissipate the input seismic energy and (2) the loop leaves no residual
displacement on unloading.

The hysteresis of SMA has been characterized by the Graesser-Cozzarelli model
[23, 24] expressed as

_Fsh ¼ ks _xs � _xsj j Fsh � b
Fys

����
����
g�1 Fsh � b

Fys

� �" #
ð1Þ

b ¼ ksas xs � Fsh

ks
þ fT xj jc0erf a0xsð Þ

� �
ð2Þ

in which Fsh is the restoring force, xs is the displacement, ks is the initial stiffness
of SMA in the Austenite phase (OA), Fys is the force triggering the forward-
transformation from the Austenite to Martensite (point A in Fig. 1a) i.e. the
transformation strength. The force required for transformation can be viewed as
equivalent to the ‘yield’ force in elasto-plastic hysteresis. The parameter as is a
constant determining the ratio of post (AB) to pre (OA) transformation stiffness.
This is analogous to the post to pre-yield stiffness in bilinear hysteretic system,
which is referred as rigidity ratio. The parameter a0 controls the amount of recovery
through backward transformation from Martensite to Austenite by unloading.
The parameter g controls the sharpness of the forward and reverse transition. The
parameter c0 decides the slope of unloading path (DE) which is parallel to the force
plateau (AB). The dot over a symbol denotes its time derivative. The quantity xsj j is
the absolute value of xs and erf xsð Þ is the error function with argument xs,
parameter b is one-dimensional back stress given by Eq. (2). The quantity fT
controls the type and size of hysteresis. For fT ¼ 0, the Graesser-Cozzarelli model
merges to the Bouc-Wen model.

3 Dynamic Analysis of SMA-TMD System

A structure, idealized as a SDOF system and equipped with the SMA-TMD is
adopted for analysis, as shown in Fig. 2b. The same structure with conventional
TMD is also shown in Fig. 2a. As the control strategy reduces the response of the
structure substantially, the behavior of the controlled structure is reasonably
assumed to be linear. The equation of motion of the structure-linear TMD is well
established and can be obtained from the literature [6, 16, 20, 21] and is not
presented herein. However, the formulation for the structure supplemented with
SMA-TMD is presented. The equations of motion of a linear SDOF system assisted
by the SMA-TMD (Fig. 2b) are written as
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mx
::þc_xþ kx� Fs xt; x; _xt; _xð Þ ¼ �mxg

:: ð3aÞ

mt xt
:: þFs xt; x; _xt; _xð Þ ¼ �mt xg

:: ð3bÞ

where m; mt are the mass of the structure and TMD respectively. The elastic
stiffness of the structure and viscous damping are denoted by k and c respectively.
The relative displacement of the structure and TMD with respect to the ground is
given by x; xt respectively. Respective velocities and accelerations are denoted as
_x; _xt and x

::
; xt
::
. The ground acceleration of earthquake is denoted by xg

::
. The restoring

force developed in the SMA spring attached to the TMD is given by F xt; x; _xt; _xð Þ.
Due to nonlinearity of the SMA spring, the restoring force is a nonlinear function of
the relative displacement and velocity of the TMD with respect to the structure.
Adopting stochastic linearization of SMA, this can be simplified as

F xt; x; _xt; _xð Þ ¼ asks xt � xð Þ þ 1� asð Þ Ces _xt � _xð Þ þ Kes xt � xð Þf g ð4Þ

where the equivalent stiffness and damping parameters are obtained by minimizing
the mean square error between the actual model and its linearized version, details of
which can be obtained from Yan and Nie [25].

On substituting Eq. (4) in the Eqs. (3a) and (3b), the equations becomes

M½ � u
::f g þ C½ � _uf g þ K½ � uf g ¼ � M½ � rf g xg:: ð5Þ

where M½ �; C½ � and K½ � are the combined mass, damping and stiffness matrix for the
structure-TMD system. The vector of displacement is given by uf g ¼ x xtf gT

Fig. 2 SDOF model
equipped with a linear TMD
and b SMA-TMD
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and so is the vector of velocity and acceleration. The system properties are con-
veniently normalized as

l ¼ mt=m; c ¼ xt=x ð6aÞ

where l; c are the mass and frequency ratio of the TMD. The transformation
strength of SMA spring Fsð Þ is also normalized w.r.t its weight mtgð Þ as

F0 ¼ Fys
�
mtgð Þ ð6bÞ

The frequency of the structure xð Þ and the TMD xtð Þ are expressed as

x ¼
ffiffiffiffiffiffiffiffiffi
k=m

p
ð7aÞ

xt ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
asks=mt

p
ð7bÞ

The pre-transformation stiffness of the SMA-spring is determined as

ks ¼ F0mtg
�
uys ð8Þ

where uys is the displacement corresponds to the forward phase transition in the
SMA spring.

A widely adopted model for stationary ground motion (xg
::
) is obtained by

filtering a white noise process acting at the bed rock through a linear filter repre-
senting the ground. This is the well-known Kanai-Tajimi stochastic model [26, 27]
for the input frequencies of earthquakes for wide range of practical situations. The
filter equations are expressed as

xf
:: þ2nfxf _xf þ x2

f xf ¼ �w
:: ð9Þ

xg

:: ¼ �2nfxf _xf � x2
f xf ð10Þ

in which w
::
is the white noise intensity at the rock bed with power spectral density

S0. The parameter xf and nf are the frequency and damping of the soil strata
respectively. xf

::
, _xf and xf are the acceleration, velocity and displacement response

of the filter. The Kanai-Tajimi model of seismic motion is introduced by substi-
tuting expression of xg

::
from Eq. (10) in Eq. (5). The state vector Yf g for the system

is then defined as

Yf g ¼ uf g xf _uf g _xff gT ð11Þ
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This is in order to write the equations of motions in the state space form as

d
dt

Yf g ¼ A½ � Yf g þ wf g ð12Þ

where A½ � is the augmented system matrix and wf g ¼ 0f g 0 0f g �w
::	 
T

is a
vector containing the terms of the intensity of the rock bed white noise. The
evolution equation for the covariance matrix CYY½ � of the state vector Yf g is given
by Tajimi [28]

d
dt

CYY½ � ¼ A½ � CYY½ �Tþ CYY½ � A½ �Tþ Sww½ � ð13Þ

Sww½ � is the input matrix of the rock bed excitations. Following the structure of
the vector wf g, the matrix Sww½ � has all terms zero except the last diagonal as 2pS0.
The RMS response are obtained from the covariance of the response as

rYi ¼
ffiffiffiffiffiffiffiffiffi
CYiYi

p ð14Þ

Quite often the RMS response of the controlled structure rxð Þ is conveniently
normalized with respect to the respective response of the uncontrolled structure
rucx
� �

.

4 Optimization of SMA-TMD System

It is known that for a conventional linear TMD with a given mass ratio lð Þ, the
frequency ratio cð Þ and the damping of the TMD ntf g are the two important
parameters to control the efficiency of vibration reduction [5], expressed in terms of
the normalized response. The associated optimization problem is stated as

Find c nt½ �T to minimize �rx ð15Þ

For SMA-TMD these design parameters are replaced by the frequency ratio cð Þ
and the normalized transformation strength F0ð Þ of the SMA spring. This leads to
an optimization problem, stated as

Find c F0½ �T to minimize �rx ð16:aÞ

In the present study, the Unconstrained Optimization is solved to obtain the
optimal characteristics of the SMA-TMD system. The displacement of the TMD is
shown to reduce to a large extent from the conventional linear TMD.
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The consistency of optimal response behavior of SMA-TMD, as addressed in the
previous section is further studied by evaluating their performance under recorded
ground motions of real earthquakes. A set of recorded accelerations are selected to
evaluate the nonlinear time history responses. This involves integrating the dynamic
equations of motions (Eq. 5) for the structure-TMD system. The Newmark beta
method with average acceleration is employed in order to integrate the equations of
motion. The scheme efficiently incorporates the flag shape hysteresis of the SMA
spring. The time steps adopted is sufficiently low (0.0001 s) to ensure stability and
accuracy of the scheme. The time histories of the displacement and acceleration of
the structure and the displacement of the TMD are obtained as the response
quantities of interest from this analysis.

5 Numerical Illustration

A typical configuration of the structure-TMD system is considered for numerical
elucidation of the improved performance of the proposed SMA-TMD. The adopted
system properties and the ground motion parameters are listed in Table 1.

The response behavior and the optimal choice of TMD parameters are presented
in this section. The comparison among the performances of the SMA-TMD and
conventional linear TMD is also presented. The variation of responses for different
frequency ratio of the TMD is shown in Fig. 3a, b. It is observed that, as in linear
TMD, an optimal frequency ratio minimizes the controlled displacement of the
structure to maximize the control efficiency. Comparing the RMS displacement of
the structure (Fig. 3a) corresponding to optimal frequency ratio, it is clearly
observed that the SMA-TMD leads to much higher control efficiency than the
conventional linear TMD. This could be as high as 40 %. Comparison among the
RMS displacements of the TMD (Fig. 4b) also implies that the SMA-TMD largely
reduces the displacement of the TMD than the linear TMD, which is around 20 %.
Thus, it appears that the proposed SMA-TMD not only improve the control effi-
ciency but also helps in reducing the TMD-displacement. The optimal frequency
ratio also corresponds to the maximum displacement of the TMD, which implies

Table 1 Forensic metadata in network video analytics

Properties of the
structure

Properties of the TMD Ground motion
parametersLinear TMD SMA-TMD

Time period = 1.5 s
Damping
ratio = 3 %

Tuning
ratio = 0.96
Damping
ratio = 7 %
Mass
ratio = 2.5 %

Tuning ratio = 0.885
Transformation
strength = 0.35
Mass ratio = 2.5 %
Hysteresis of SMA
as ¼ 0:10; a ¼ 0:005m
fT ¼ 0:07; c0 ¼ 0:001;
a0 ¼ 2500; g ¼ 3

xf ¼ 9p rad/s
nf ¼ 0:6
S0 ¼ 0:05 m2=s3
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Fig. 3 a Normalized displacement of structure and b displacement of the conventional TMD and
SMA-TMD under different frequency ratios

Fig. 4 a Normalized displacement of structure and b displacement of the linear TMD for different
damping ratios. The variations of the normalized displacement of the c structure and d SMA-TMD
under varying transformation strength of the SMA spring
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that better control efficiency is achieved only at the expense of larger displacement
of the TMD. Therefore, the displacement of the structure and the TMD consists two
mutually conflicting objectives in optimizing such system. However, the latter
criterion is often overruled [17–19].

Similar to the effect of frequency ratio; the effect of damping of linear TMD and
transformation strength of the SMA-TMD is assessed on the performance of the
structure-TMD system. The viscous damping in linear TMD is characterized by its
damping ratio. It is mentioned that the transformation strength (which is analogous
to the yield strength in the hysteretic damper) of the SMA spring dictates the
hysteretic damping in the SMA-TMD. This is because the hysteresis in SMA is
induced by the micro-structural phase transition, which is governed by its trans-
formation strength. The variation of responses with varying viscous damping in
linear TMD is shown in Fig. 4a, b and similar variations for the SMA-TMD for
different values of its transformation strengths are shown in Fig. 4c, d.

Similar to the optimal frequency ratio, the optimal damping ratio maximizes the
control efficiency for linear TMD as shown in Fig. 4a. As shown in Fig. 4c, the role
of optimum damping ratio is analogously switched to the optimal transformation
strength of the SMA spring in order to maximize the control efficiency of the SMA-
TMD. Comparing the respective responses of the controlled structure and the TMD,
it can be pointed out that the SMA-TMD increases the control efficiency to a large
extent and also simultaneously reduces the displacement of the TMD. The existence
of the optimal damping ratio/transformation strength can be explained from the
variations of the respect PSDF with different damping/transformation strength.

The preceding discussions clearly indicate that, whereas the optimal parameters
for the conventional TMD are the frequency ratio and viscous damping of the
TMD, the SMA-TMD is dictated by the frequency ratio and the transformation
strength of the SMA spring. An important factor to affect these values is the mass
ratio of the TMD. Therefore the optimal choices of the frequency ratio, damping
ratio for the linear TMD and the frequency ratio, transformation strength for the
SMA-TMD are presented for different mass ratios of the TMD along with the
optimal response behavior in Table 2. It can be observed from here that almost
identical efficiency can be achieved with a mere 1 % mass ratio in SMA-TMD,

Table 2 Comparison of optimal responses for varying mass ratios

Mass
ratios (%)

Displacement ratio of structure (m) TMD displacement (m)

SMA-
TMD

Linear
TMD

Response
reduction (%)

SMA-
TMD

Linear
TMD

Response
reduction (%)

1.25 0.6374 1.0022 36.4 1.025 1.523 32.7

2.50 0.566 0.9075 37.6 0.642 0.802 19.9

3.75 0.527 0.8492 37.9 0.479 0.600 20.1

5.0 0.503 0.8073 37.7 0.386 0.504 23.4

6.25 0.489 0.7754 36.9 0.324 0.448 27.7

1414 S. Bhowmick and S.K. Mishra



whereas the conventional TMD would require more than 6 %. The SMA-TMD
seems to show potential for practical application in seismic control of civil engi-
neering structure.

The viability of the facts established through the previous stochastic analysis is
also verified by subjecting the structure-TMD system to a set of real recorded
earthquake motions. A set of real earthquake motions listed in Table 3 are
employed for the transient response analysis. The salient characteristics of the
motions, such as peak ground acceleration (PGA), dominant periods (frequency
content) are shown in this Table. These parameters primarily govern the dynamic
response behavior. Also, these motions pertain to widely varying geological fault
conditions. The characteristic variability of these motions can be visualized from
their respective acceleration response spectra, not shown herein.

A typical time history responses of the structure-TMD system is shown under the
1989 Loma Prieta earthquake motion (GM3). The displacement time history of the
structure and TMDs are shown in Fig. 5a, b respectively. These responses are also
compared with the responses of the uncontrolled structure. The hysteretic force-
deformation characteristic for both the SMA-TMD and linear TMD are shown in
Fig. 5a, c. These show that the SMA-TMD largely reduces the structural displace-
ment than the linear TMD. The displacement of TMD is also observed to be largely
reduced. It is important to note that, even though the reduction of displacement in
SMA-TMDwas signaled in stochastic analysis, it was not that significant magnitude,
which might be attributed to the error in stochastic linearization. Additionally,
comparison among the force-deformation behavior under earthquake loading in
Fig. 5c clearly indicates to the enhanced hysteretic dissipation through the micro
structural phase transition of SMA, which is key to the better control efficiency of the
SMA-TMD over linear TMD. It is also important to note that unlike many other
nonlinear TMDs, such as nonlinear viscous, friction TMD, the SMA-TMD does not
leave any residual displacement after the loading cycles [8–10]. This is an important
aspect of the flag-shaped hysteresis offered only by SMA.

Table 3 Set of ground motion time histories selected for response evaluation

Serials Earthquake Year Station PGA
(g)

Dominant
period (s)

GM1 Imperial valley 10/15/1979 El Centro
array 5, 230

0.379 0.39

GM2 Kocaeli 08/17/1999 Yarimca
060 (Koeri)

0.268 0.45, 0.54, 0.60

GM3 Loma Prieta 10/18/1989 LGPC, 000 0.563 0.47, 0.64, 0.70

GM4 Northridge
Sylmar

01/17/1994 Sylmar-Converter 0.897 0.59, 0.84

GM5 Superstition
hills

11/24/1987 PTS, 225 0.455 0.28, 0.64

GM6 Erzikan 03/13/1992 Erzikan N–S comp 0.515 0.29

GM7 Duzce 11/12/1999 Duzce, 180 (ERD) 0.348 0.41
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6 Conclusion

An improved version of the conventional linear TMD has been presented in this
work by replacing the linear spring and viscous damper with a spring made of SMA,
referred as SMA-TMD. The superior performance of the SMA-TMD over the
conventional linear TMD is established through simulations. The proposed SMA-
TMD is shown to significantly enhance the control efficiency and simultaneously

Fig. 5 Time history of displacement of the a structure b TMD and respective c force-deformation
hysteresis of the linear TMD and the SMA-TMD controlled structure
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reduce the displacement of the TMD itself. For identical control efficiency, the
required mass ratio in SMA-TMD is also shown to be much less that the linear TMD.
The important parameters affecting the performance of the SMA-TMD are identified
as the frequency ratio and the transformation strength of the SMA-spring. A design
optimization is also carried out in order to propose the optimal choice of these
parameters to ensure best performance. The superiority of the SMA-TMD is also
verified under real earthquakes by nonlinear dynamic analysis of the structures
equipped with the optimal TMD. Due to unique hysteresis behavior of SMA, the
SMA-TMD almost eliminates the residual displacement of the TMD.
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Wind Analysis of Suspension and Cable
Stayed Bridges Using Computational Fluid
Dynamics

B.G. Birajdar, A.D. Shingana and J.A. Jain

Abstract In the present work, Computational Fluid Dynamic analysis of a
suspension bridge is carried out using ANSYS 13.0 and FLOTRAN module has
been used for initial analysis. Validation of CFD analysis is carried out by com-
paring wind aerodynamic coefficients such as drag, lift and moment coefficients
obtained from wind tunnel test, which are available in the earlier literature. After
validation, the same Computational Fluid Dynamics approach is used to perform
wind analysis of two different types of long span cable stayed bridges and the
results are compared with the wind tunnel test results available in the literature.
One is having novel twin box girder section and other is having streamlined box
girder section. FLUENT module is used to perform wind analysis of cable stayed
bridges. Further, the effect of consideration of cables in analysis is studied for cable
stayed bridge structure.

Keywords Computational fluid dynamics � Drag coefficient � Lift coefficient �
Moment coefficient

1 Introduction

Suspension and Cable Stayed bridges are more vulnerable to vibrations produced due
to wind. As the history tells there are many failures of suspension bridge structures
across the world due to wind vibrations like Angers bridge, France (1850), Tacoma
Narrows (1940) etc. Therefore, the study of aerodynamic properties becomes
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important. The conventional approach of aerodynamic analysis of such structures
is wind tunnel testing. However, these tests are very expensive and time consuming.
By using Computational Fluid Dynamics approach, we can perform same simulations
as those performed in wind tunnel. Moreover, by using CFD approach we can model
the geometry with some changes at any instant of time during execution of project
very, quickly which is sometimes difficult in wind tunnel tests.

2 CFD Analysis

1. Governing Equation:
The governing equations represent mathematical statement of the conservation

law of physics, where following laws are adopted:
A. The Continuity Equation: Mass Conservation
Law of conservation of mass states that matter may be neither created nor

destroyed. Conservation of mass can be expressed in mathematical form as,

q; tþ quð Þ; xþ qvð Þ; yþ qwð Þ; z ¼ 0 ð1Þ

B. The Momentum Equation: (Navier-Stokes Equation)

u; tþ uð Þu; xþ vð Þu; y ¼ 1=qð ÞP; xþ vð Þu; xx þ vð Þu; yy ð2Þ

v; tþ uð Þv; xþ vð Þv; y ¼ 1=qð ÞP; yþ vð Þv; xxþ vð Þu; yy ð3Þ

Equations (2) and (3) are derived from Newton’s second law of motion, where
v is kinematic viscosity, describes the conservation of momentum of fluid flow and
are also known as the Navier-Stokes equations
2. Boundary Conditions.

The various boundary conditions used to solve the above governing differential
equations are,

a. No-slip condition to walls and surfaces of bridge deck section.
b. Velocity inlet to the inlet wall.
c. Pressure outlet to outlet wall.

3. Domain size.
Adopted from a literature by Shirai and Ueda [1], from Journal of Wind Engi-

neering and Industrial Aerodynamics.
Dimensions of domain are 16B × 7B × 7B. Where ‘B’ is the width of the bridge

deck.
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3 Analysis of Bridges

1. Wind analysis of Tacoma Narrows suspension bridge.
Tacoma Narrows suspension bridge was analyzed in wind tunnel and the results

are reported in a report titled ‘Failure of Tacoma Narrows’. The same bridge section
is modeled in ANSYS 13.0 and CFD analysis is carried out and aerodynamic
coefficients are determined and are compared with the wind tunnel test results
Problem Statement
The Tacoma Narrows bridge was located in Washington. The main span for the
Tacoma Narrows bridge is 853.44 m. All components of superstructure are made up
of steel material. The deck section is made up of plate girder section. The velocity at
deck height is 45 m/s. Figures 1 and 2 show the overall configuration of Tacoma
Narrows bridge.
Results
The results from the Tables 1, 2 and 3 indicate increase in drag and lift coefficients
with increase in angle of attack. The increment is verified by results of both CFD
and wind tunnel tests. Also, increment in moment coefficient is observed with
increase in angle of attack.

Fig. 1 Elevation of Tacoma Narrows

Fig. 2 Cross section of Tacoma Narrows

Table 1 Drag coefficient
variation with angle of attack
for Tacoma Narrows

Angle of attack (in degree) Cd (wind tunnel) Cd (CFD)

0 0.310 0.303

+1 0.313 0.305

+2 0.320 0.306

+3 0.327 0.312

+4 0.335 0.313

+5 0.3467 0.316

+7 0.367 0.335
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Pressure contours
The pictorial representation of pressure contours (refer Figs. 3, 4, 5 and 6) on top
and bottom of the bridge deck indicates that reduction in positive pressure on top of
the deck accompanied with increase in negative pressure on bottom side of the deck
as angle of attack increases there is.

Table 2 Lift coefficient
variation with angle of attack
for Tacoma Narrows

Angle of attack (in degree) CL (wind tunnel) CL (CFD)

0 0.13 0.124

+1 0.92 0.891

+2 1.47 1.382

+3 1.64 1.538

+4 1.81 1.697

+5 1.91 1.783

+7 2.12 1.976

Table 3 Moment coefficient
variation with angle of attack
for Tacoma Narrows

Angle of attack (in degree) CM (wind
tunnel)

CM

(CFD)

0 −0.014 −0.0132

+1 −0.022 −0.0206

+2 −0.034 −0.0316

+3 −0.044 −0.041

+4 −0.054 −0.0502

+5 −0.058 −0.0524

+7 −0.063 −0.0586

Fig. 3 Pressure contour for 0
angle
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Fig. 4 Pressure contour for
+1 angle

Fig. 5 Pressure contour for
+3 angle

Fig. 6 Pressure contour for
+4 angle
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2. Wind analysis of Stonecutters cable stayed bridge.
The Stonecutters bridge is located in China. The main span for the Stonecutters
bridge is 1,018 m. All components of superstructure are made up of steel material.
The deck section is of novel twin box type. The velocity at deck height is 55 m/s.

The geometry of the bridge section is as presented in Figs. 7 and 8.
Results
The results from the Tables 4, 5 and 6 indicate increase in drag and lift coefficients
with increase in angle of attack. The increment is verified by results of both CFD
and wind tunnel tests. In addition, increment in moment coefficient is observed with
increase in angle of attack. Streamlines showing flow over the Stonecutters cable
stayed bridge section is presented in Fig. 9.

The pictorial representation of velocity contours shoes that flow get properly
separated over the deck section.

Fig. 7 Elevation of Stonecutters bridge

Fig. 8 Cross section of Stonecutters bridge

Table 4 Drag coefficient
variation with angle of attack
for Stonecutters bridge

Angle of attack (in degree) Cd (CFD) Cd (wind tunnel)

−3 1.2148 1.28

−2 1.1402 1.20

−1 1.1214 1.18

0 1.1194 1.16

1 1.0795 1.12

2 1.1288 1.18

3 1.1592 1.22
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Table 5 Lift coefficient
variation with angle of attack
for Stonecutters bridge

Angle of attack (in degree) CL (CFD) CL (wind tunnel)

−3 −0.2668 −0.3

−2 −0.2261 −0.25

−1 −0.1732 −0.19

0 −0.1101 −0.12

+1 −0.8209 −0.9

+2 0.091 0.1

+3 0.627 0.7

Table 6 Moment coefficient
variation with angle of attack
for Stonecutters bridge

Angle of attack (in degree) CM

(CFD)
CM (wind
tunnel)

−3 −0.0228 −0.025

−2 −0.0137 −0.015

−1 −0.0046 −0.005

0 0.0097 0.01

+1 0.0139 0.015

+2 0.037 0.04

+3 0.0508 0.055

Fig. 9 Streamlines showing flow over the Stonecutters cable stayed bridge section
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3. Wind analysis of Sutong cable stayed bridge.
The Sutong Bridge is located in China. The main span for the Sutong bridge is
1,088 m. All components of superstructure are made up of steel material. The deck
section is of streamlined box type. The velocity at deck height is 45 m/s.

The geometry of the bridge section is presented in Figs. 10 and 11.
Results
The results from the Tables 7, 8 and 9 indicate increase in drag and lift coefficients
with increase in angle of attack. The increment is verified by results of both CFD
and wind tunnel tests. But for moment coefficient there is increase in value with
positive angle of attack and the value decreases with negative angle of attack.
Streamlines showing flow over the Sutong cable stayed bridge section is presented
in Fig. 12.

The pictorial representation of velocity contours shoes that flow get properly
separated over the deck Section.

Fig. 10 Elevation of Sutong bridge

Fig. 11 Cross section of Sutong bridge

Table 7 Drag coefficient
variation with angle of attack
for Sutong bridge

Angle of attack (in degree) Cd (wind tunnel) Cd (CFD)

−3 0.78 0.7131

−2 0.76 0.7093

−1 0.74 0.7143

0 0.70 0.6798

1 0.74 0.7108

2 0.78 0.7308

3 0.82 0.7623
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Table 8 Lift coefficient
variation with angle of attack
for Sutong bridge

Angle of attack (in degree) CL (CFD) CL (wind tunnel)

−3 -0.3162 −0.36

−2 -0.2587 −0.29

−1 -0.1996 −0.22

0 -0.1109 −0.12

+1 -0.018 −0.02

+2 0.071 0.08

+3 0.1592 0.18

Table 9 Moment coefficient
variation with angle of attack
for Sutong bridge

Angle of attack (in degree) CM

(CFD)
CM (wind
tunnel)

−3 −0.026 −0.030

−2 −0.0044 −0.005

−1 0.0182 0.020

0 0.0369 0.04

+1 0.0608 0.065

+2 0.0792 0.085

+3 0.096 0.105

Fig. 12 Streamlines showing flow over the Sutong cable stayed bridge section
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4. Wind analysis of Sutong bridge considering effect of cables.
ANSYS model of Sutong bridge with cables, used for the wind analysis is presented
in Fig. 13. The results are presented in Table 10.
Results
It is observed from above table that the values obtained with consideration of cables
and without cables are very close.

4 Conclusions

The following findings are reported based on the results obtained from CFD
analysis,

i. After CFD analysis of Tacoma Narrows bridge deck section, it is observed that
due to greater depth of section provided to satisfy the serviceability criteria,
which in turn increase the projected area, this result in large pressure on the

Fig. 13 ANSYS model of Sutong bridge with cables

Table 10 Comparision of drag coefficient with considering effect of cables

Angle of attack (in degree) Cd (wind tunnel) Cd (CFD) W/O cables Cd (CFD)With cables

−3 0.78 0.7131 0.728

−2 0.76 0.7093 0.716

−1 0.74 0.7143 0.7192

0 0.70 0.6798 0.6827

1 0.74 0.7108 0.7186

2 0.78 0.7308 0.7521

3 0.82 0.7623 0.776
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upstream side and also suction on the downstream side. Hence, it is observed
that for long span bridges plate girder section need to be avoided, as reported
elsewhere.

ii. As the secondary effects due to distortion are neglected in CFD analyses, it is
observed that pressure coefficients obtained using CFD analyses are smaller
than the wind tunnel test.

iii. It can be concluded that, as the CFD results are closer to wind tunnel test
results, the variance is by maximum 12 %. Therefore, CFD can be used for
preliminary design stage of suspension and cable stayed bridges.

iv. In CFD analysis of long span suspension and cable stayed bridges, the effect of
cables on values of derived results of Cd, CL and CM is insignificant (max 5 %),
which may be ignored in modeling to save the computational efforts and time
while performing CFD analysis.
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Improved ERA Based Identification
of Flutter Derivatives of a Thin Plate

M. Keerthana and P. Harikrishna

Abstract In this paper, improved Eigensystem Realization Algorithm (ERA/
DC—Eigensystem Realization Algorithm with Data Correlation) from literature has
been applied for the identification of flutter derivatives of a thin plate section under
free decay (transient) responses, to overcome the problem of poor noise handling
capability of original Eigen Realization Algorithm (ERA). A thin plate section has
been considered in the present study as theoretical solutions of flutter derivatives are
available for it from Theodorsen’s functions and also most of the bridge deck cross-
sections have large side ratio. The 2-DOF (heave and pitch) aeroelastic responses of
thin plate section have been numerically simulated using Newmark-beta time
integration method for various reduced wind speeds (U/fB; U—oncoming wind
speed, f—frequency of oscillation, B—width of the plate), using flutter derivatives
obtained from Theodorsen’s theoretical solution. Then, ERA and ERA/DC, have
been applied towards identification of frequencies and damping ratios for the
chosen range of reduced wind speeds and for 5, 10 and 20 % noise levels. Further,
flutter derivatives have also been identified and compared with theoretical values to
prove the robustness of the improved Eigen Realization Algorithm (ERA/DC) in
identification of flutter derivatives and in handling noise.

Keywords Eigensystem realization algorithm � Plate section � Theodorsen’s the-
oretical solution � Bridges � Wind
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1 Introduction

Bridges are indispensable part of civil infrastructure of a country. Bridges with
longer unsupported spans are being designed or envisioned for the future to fully
utilize the efficiency of the structure in connecting/crossing obstacles, viz, wide
rivers and sea straits, etc. Such long span bridges, which are mostly suspension/
cable-stayed, are highly wind sensitive owing to their flexibility and low damping
characteristics. The interaction and feedback mechanism between oncoming wind
and the structural motion results in aeroelastic forces, which can potentially cause
diverging oscillations. Flutter is one such phenomenon that needs to be addressed in
the early stages of design of such long span bridges to ensure safety. The effect of
motion induced aeroelastic forces is realized through aerodynamic stiffness and
damping, characterized by non-dimensional “flutter derivatives”, which are func-
tions of wind speeds, geometry and frequency of vibrations [9].

Experimental assessment of these flutter derivatives involves either forced or
free vibration studies on sectional models of bridges under simulated wind con-
ditions. Though evaluation of flutter derivatives from forced vibration studies are
simpler, they involve very complex experimental set up to force the motion of the
bridge model in wind tunnel. Hence, free vibration studies are preferred owing to
their simplicity in execution of the experiment and closeness to the actual behavior.
However, identification of flutter derivatives from wind tunnel testing of scaled
down sectional models of bridges using free vibration studies require application of
improved system identification procedures, with better noise handling capability
[1]. Some of the recently used system identification techniques for the aforemen-
tioned purpose include frequency modulated empirical modal decomposition [13],
stochastic subspace identification methods [1, 11] and non-linear least squares
technique [10]. It has been observed that these techniques have clearly exhibited
better identification capabilities in comparison with conventionally used Ibrahim
time domain (ITD) method, least squares method and ARMA (Autoregressive
moving average) method, etc.

In the present study, one of the most commonly used multi input multi output
(MIMO) system identification algorithms in structural engineering, namely
Eigensystem Realization Algorithm (ERA) proposed by Juang and Pappa [5],
which is highly effective in identification of lightly damped structures has been
chosen towards identification of flutter derivatives. One of the main limitation of
ERA as reported in literature is its inability to handle noise in the data. Hence, an
improved version of the algorithm was proposed [6] and was termed as Eigen-
system Realization Algorithm with Data Correlation (ERA/DC), which uses the
concept of data correlations to reduce the effect of noise in the data. This technique
has been used towards identification of modal parameters from ambient vibration
measurements [2]. Zhu et al. [14] have identified flutter derivatives of a thin plate
system with FERA/DC (Fast Eigensystem Realization Algorithm with Data Cor-
relation) to overcome the limitation of ERA. However, researchers have also used
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random decrement technique (RD) [4], natural excitation technique (NExT) [12] in
conjunction with ERA to overcome the problem of noise interference.

In the present study, ERA and ERA/DC have been applied towards identification
of flutter derivatives of a thin plate section using the simulated 2-DOF aeroelastic
responses. The 2-DOF (heave and pitch) aeroelastic responses of thin plate section
have been numerically simulated using Newmark-beta time integration method for
various reduced wind speeds (U/fB; U—oncoming wind speed, f—frequency of
oscillation, B—width of the plate), using flutter derivatives obtained from Theod-
orsen’s theoretical solution. The modal parameters, namely, vertical and torsional
frequencies and damping ratios obtained from both the methods have been com-
pared for the chosen range of reduced wind speeds and for 5, 10 and 20 % noise
levels. Further, flutter derivatives have also been identified and compared with
theoretical values to assess the robustness of the improved Eigen Realization
Algorithm (ERA/DC) in identification of flutter derivatives and in handling noise.

2 Numerical Simulation of Aeroelastic Response
of a Thin Plate

The dynamic equations of motions for a typical 2-DOF bridge deck system with the
degrees of freedom (Fig. 1) being heave/vertical (h) and pitch/torsion (α) under
smooth flow is given by

mðh
:: þ2xhnh _hþ x2

hhÞ ¼ Lse

Iða:: þ2xana _aþ x2
aaÞ ¼ Mse

ð1Þ

Lse and Mse are the self-excited forces acting on the bridge deck system, defined
in terms of the responses

Lse ¼ 1
2
qU2B KH1

_h
U
þ KH2

_aB
U

þ K2H3aþ K2H4
h
B

� �

Mse ¼ 1
2
qU2B2 KA1

_h
U
þ KA2

_aB
U

þ K2A3aþ K2A4
h
B

� � ð2Þ

K is the defined as xB
U

U is the oncoming wind speed
ρ is the density of air (=1.2 kg/m3)
Hi and Ai are the flutter derivatives ði ¼ 1; 2; 3 and 4Þ.
m mass of the plate per unit length = 11.94 kg/m
I mass moment of inertia of the plate per unit length = 0.532 kg m2/m
B width of the plate = 0.45 m
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ωh frequency of the mechanical system for heave/vertical mode (under still
wind) = 9.349 rad/s
ωα frequency of the mechanical system for pitch/torsional mode (under still
wind) = 18.824 rad/s
ξh damping ratio of the mechanical system for heave/vertical mode (under still
wind) = 0.007
ξα damping ratio of the mechanical system for pitch/torsional mode (under still
wind) = 0.002

In the present study, the theoretical values of flutter derivatives Hi and Ai [8, 9] have
been obtained based on the concept of forced oscillation of a flat plate in uniform
stream [3]. Substituting Eq. (2) in Eq. (1), and grouping like terms,

x
::þCe _xþ Kex ¼ 0 ð3Þ

where Ce and Ke are the damping and stiffness matrices modified by the aeroelastic
interaction. In state space representation, the Eq. (3) can be written as

_x

x
::

� �
¼ Od Id

�Ke �Ce

� �
x

_x

� �

Y ¼ AdX

ð4Þ

where Od and Id are zero and unit matrices. X and Y are state and output vectors. Ad

is the state matrix.
Based on Eq. (3), free decay responses of the flat plate system have been

numerically simulated for wind speeds of 0–18 m/s (in increments of 2 m/s) using
Newmark-beta time integration method with sampling frequency of 150 Hz. The
time histories of heaving and pitching responses for wind speeds of 0 and 6 m/s are
shown in Figs. 2 and 3, respectively. Further, Gaussian white noise of 5, 10 and
20 % have been added to the simulated responses. Noise of 5 % means that, the
standard deviation of noise added is 5 % of the standard deviation of original signal.
The time histories of responses with noise of 5 and 10 % for wind speed of 10 m/s
are shown in Figs. 4 and 5, respectively.

B
U

Lse

h
Mse

α

Fig. 1 Two degree of freedom system of the thin plate
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Fig. 2 Generated time histories of responses for still wind (0 m/s)
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Fig. 3 Generated time histories of responses for wind speed of 6 m/s
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Fig. 4 Generated time histories of responses for wind speed of 10 m/s with 5 % noise
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3 ERA and ERA/DC Algorithms for System Identification

ERA as proposed by [5] uses the concept of minimum system realization in control
theory towards identification of modal and system parameters from the system
response. Consider a state space system given by

x k þ 1½ � ¼ Adx k½ � þ Bdu k½ �
y k½ � ¼ Cdx k½ � þ Ddu k½ � ð5Þ

where Ad, Bd, Cd and Dd are state matrix, input matrix, output matrix and feed
forward matrix. x, y and u are state, output and input vectors. k is the index. The
impulse response of the system is given by

y½k� ¼ Dd for k ¼ 0
CdAk�1

d Bd for k[ 0

�
ð6Þ

The term CdAk�1
d Bd is called Markov parameters of the system. Given the values

of y[k], the system matrices Ad, Bd and Cd are to be identified. The algorithm
involves construction of block Hankel matrix (of size r × s) given by Eq. (7) from
the impulse response time histories.

Hrs k½ � ¼

Y k½ � Y k þ t1½ � . . .. . . Y k þ ts�1½ �
Y j1 þ k½ � Y j1 þ k þ t1½ � . . .. . . Y j1 þ k þ ts�1½ �
: : . . .. . . :
: : . . .. . . :
Y jr�1 þ k½ � Y jr�1 þ k þ t1½ � . . .. . . Y jr�1 þ k þ ts�1½ �

2
66664

3
77775 ð7Þ

where ji and ti are time shifts among the entries of Hankel matrix. The size of
Hankel matrix is an important parameter in the identification process. Guidelines
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Fig. 5 Generated time histories of responses for wind speed of 10 m/s with 10 % noise
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for selection of the same are available [7]. Singular value decomposition of Hankel
matrix is then carried out as in Eq. (8).

Hrs 0½ � ¼ PDQT ð8Þ

where D is the diagonal matrix with non negative diagonal elements in decreasing
order; P and Q are orthogonal matrices. Matrices P, D and Q have to be reduced to
matrices Pn, Qn and Dn with ‘n’ number of rows. The number ‘n’ also called system
order is arrived at by observing the variation in neighboring singular values.

Defining ET
p ¼ Ip; 0p; . . .. . .; 0p

� �
and ET

m ¼ Im; 0m; . . .. . .; 0m½ �, the system
matrices for linear time invariant system can be obtained as

Ad ¼ D�1=2
n PT

nHrs 1½ �QnD
�1=2
n

Bd ¼ D1=2
n QT

nEm

Cd ¼ ET
p PnD

1=2
n

ð9Þ

where Hrs[1] is time-shifted Hankel matrix.
In case of ERA-DC, the block correlation Hankel matrix (U q½ �) given by

Eq. (11) is formed with correlative records of the impulse response records through
correlation matrix R(q), instead of actual impulse response records of data.

RðqÞ ¼ HrsðqÞ HT
rsð0Þ ð10Þ

U q½ � ¼

R q½ � R qþ c½ � . . .. . . R qþ bc½ �
R qþ c½ � R qþ 2c½ � . . .. . . :
: : . . .. . . :
: : . . .. . . :
R qþ ac½ � Y jr�1 þ k þ t1½ � . . .. . . R qþ ðaþ bÞc½ �

2
66664

3
77775 ð11Þ

This is followed by the singular value decomposition of the matrix U[0]. The rest
of the procedure remains same as that of ERA. MATLAB programs have been
developed for ERA and ERA/DC. These techniques have been applied on the
simulated responses to obtain the state matrix ‘Ad’. Eigen value decomposition of
the Ad matrix has been carried out to obtain eigen values (K) and eigen vectors (W).
From the eigen values, the vertical and torsional frequencies (xi) and damping
ratios (ni) have been evaluated as follows [7].

1
Dt

lnðKÞ ¼ diagðai � ibiÞ

ni ¼ � aiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
a2i þ b2i

p ¼ � realðlnðKÞ=DtÞ
absðlnðKÞ=DtÞ

xi ¼ �absðimagðlnðKÞ=DtÞÞ

ð12Þ
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where ai and bi are real and imaginary parts of the natural logarithm of eigen values
of state matrix, divided by the sampling time. Defining U ¼ CW, the stiffness and
damping matrices as in Eq. (4) have been evaluated based on Eq. (13) [14].

½Ke Ce� ¼ �M ½UK2 U�ðK�Þ2� U U�

U�K U�K�

� �y
ð13Þ

where y is the operation defined by Moore-Penrose pseudo-inverse of the matrix.
The flutter derivatives have been evaluated from the difference in stiffness

and damping matrices corresponding to the system with (Ke and Ce) and without
(K0 and C0) aeroelastic effects.

H1ðKhÞ ¼ � 2m
qB2xh

�Ce
11 � �C11

� 	
; A1ðKhÞ ¼ � 2I

qB3xh

�Ce
21 � �C21

� 	

H2ðKaÞ ¼ � 2m
qB3xa

�Ce
12 � �C12

� 	
; A2ðKaÞ ¼ � 2I

qB4xa

�Ce
22 � �C22

� 	

H3ðKaÞ ¼ � 2m
qB3x2

a

�Ke
12 � �K12

� 	
; A3ðKaÞ ¼ � 2I

qB4x2
a

�Ke
22 � �K22

� 	

H4ðKhÞ ¼ � 2m
qB3x2

h

�Ke
11 � �K11

� 	
; A4ðKhÞ ¼ � 2I

qB3x2
h

�Ke
21 � �K21

� 	
�Ce ¼ M�1Ce; �Ke ¼ M�1Ke

�C ¼ M�1C0; �K ¼ M�1K0

ð14Þ

4 Results and Discussions

The identified vertical and torsional frequencies based on ERA and ERA/DC have
been presented in Figs. 6 and 7 for various oncoming wind speeds and for various
noise levels. The corresponding vertical and torsional damping ratios have been
presented in Figs. 8 and 9. For the 0 % noise case, i.e., the response without any
noise, the identified frequencies and damping ratios corresponding to ERA and
ERA/DC have been observed to match. Identification of torsional frequencies have
been observed to be insensitive to the noise in the responses for entire range of wind
speeds studied, as can be seen in Fig. 7.

The identified vertical frequency, vertical and torsional damping ratios corre-
sponding to ERA has been observed to deviate from the trend of literature in
proportion to noise level, especially for wind speeds greater than 10 m/s. The
maximum deviation of 5 % has been observed in case of vertical frequency for
ERA with 20 % noise. Even though the difference might seem marginal, this may
be contributing significantly to the deviation in the evaluated flutter derivatives as
squares of these frequencies appear in Eq. (14). However, the frequencies and
damping ratios identified from ERA/DC are found to be more robust even with
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Fig. 6 Identified vertical
frequencies using ERA and
ERA/DC for various levels of
noise

Fig. 7 Identified torsional
frequencies using ERA and
ERA/DC for various levels of
noise

Fig. 8 Identified vertical
damping ratios using ERA
and ERA/DC for various
levels of noise
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noise as the magnitudes of these modal parameters have been observed to match
well for no noise case.

The evaluated flutter derivatives H1, H4, A3 and A4 have been plotted against
reduced wind speeds in Figs. 10, 11, 12 and 13 respectively. The derivatives
corresponding to diagonal terms of stiffness and damping matrices have only been
presented in the paper.

Similar to modal frequencies and damping ratios, the flutter derivatives evaluated
using ERA/DC even with noise present in response (20 %), have been observed to
be close to the theoretical values of flutter derivatives from Theodorsen’s function.
The flutter derivative A3 (similar to torsional frequency) has been observed to be
insensitive to noise in the data. Hence, the values of A3 corresponding to ERA and
ERA/DC for various noise levels match for entire range of reduced wind speeds
studied. In case of H1, for reduced wind speeds up to 17, the results of ERA and

Fig. 9 Identified torsional
damping ratios using ERA
and ERA/DC for various
levels of noise

Fig. 10 Identified flutter
derivative H1 for flat plate
under various noise levels
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ERA/DC for various levels of noise compare well with the theoretical solution.
Beyond this reduced wind speed of 17, the evaluated values of H1 from both ERA
and ERA/DC deviate from the theoretical solution with ERA showing significantly
high deviation of 45 % with theoretical solution, for the response with 20 % noise
level at reduced wind speed of 26.

Fig. 11 Identified flutter
derivative H4 for flat plate
under various noise levels

Fig. 12 Identified flutter
derivative A3 for flat plate
under various noise levels
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The flutter derivative H4 evaluated from the present study as well as from liter-
ature [14] have been observed to deviate from theoretical solutions for all reduced
wind speeds, with maximum deviations at higher reduced wind speeds. However,
the values obtained from the present study have been observed to be comparable
with those reported by Zhu et al. [14]. The magnitudes of H4 evaluated from ERA for
data with 10 and 20 % noise levels have been observed to show scatter beyond
reduced wind speed of 17. This scatter has been completely eliminated with use of
ERA/DC.

5 Summary and Conclusions

The effectiveness and accuracy of ERA/DC, an improved system identification
algorithm over ERA in handling noise in response has been studied with the
numerically simulated response of thin plate aeroelastic system for various wind
speeds/reduced wind speeds and various noise levels of 5, 10 and 20 %. The
identification of vertical and torsional frequencies, and damping ratios from ERA/
DC have been observed to be satisfactory in comparison with ERA, even with data
contaminated with high density noise of 20 %. The evaluation of flutter derivatives
using ERA/DC has been observed to be advantageous over ERA in terms of
handling noise in data. However, the magnitudes of the derivatives evaluated from
ERA/DC, especially at higher reduced wind speeds have been observed to deviate
with the theoretical values. The reason for this deviation needs to be further studied
by applying the system identification technique to another aeroelastic system with
different dynamic characteristics.

Fig. 13 Identified flutter
derivative A4 for flat plate
under various noise levels
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Along and Across Wind Effects
on Irregular Plan Shaped Tall Building

Biswarup Bhattacharyya and Sujit Kumar Dalui

Abstract This paper presents detailed study of force and pressure coefficients of an
unsymmetrical ‘E’ plan shaped tall building under wind excitation. The building is
unsymmetrical about both direction (along and across wind direction) in plan.
Experimental and numerical study is carried out by wind tunnel test in boundary
layer wind tunnel and Computational Fluid Dynamics (CFD) technique using
ANSYS CFX software respectively to study the above model under wind excita-
tion. Two different types of models were used for force and pressure measurements
in wind tunnel. Rigid model was used at a model scale of 1:300 for both the cases.
Force measurement model was tested under three different wind speeds of
6, 8, 10 m/s whether pressure measurement model was tested under wind speed
of 10 m/s in wind tunnel. Wind flow pattern around the building model is studied
by CFD technique for both wind flow direction which predicts about the nature of
pressure distribution on different surfaces. Some dynamic nature of wind flow is
observed at the rear side in case of across wind effects. Maximum positive force and
pressure coefficients noticed in case of along wind effects as the surface area is
maximum and maximum wind energy dissipates on frontal surface. Same mean
pressure occurred on similar faces in case of along wind effects. Pressure contours
are symmetrical about vertical axis on frontal faces for both directions of flow and
pressure fluctuation noticed at the rear side face due to dynamic effects of flow
pattern in case of across wind effect. A comparative study is carried out between
experimental and numerical study and results found from these two methods have
good agreement to each other.
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1 Introduction

Tall buildings are constructed more in recent decades which may regular or
irregular in plan shaped. Regular plan shaped buildings are more stable as com-
pared to irregular plan shaped buildings. Less torsional force is acted generally in
regular plan shaped buildings but, due to larger surface area more wind pressure
occurred on these types of buildings. Irregular plan shaped tall buildings may
susceptible to torsional effect but wind pressure on these types buildings are lesser
than regular plan shaped buildings.

Wind loads acts on buildings generally in two ways i.e., statically and dynam-
ically. Static nature noticed in case of low rise buildings whether dynamic nature
noticed in case of high rise buildings. Critical pressure occurs at perpendicular wind
angles in case of regular plan shaped buildings whether critical pressure may occur
at skew wind angles in between perpendicular angles in case of irregular plan
shaped buildings. Also variation of pressure on different faces of irregular plan
shaped buildings may different in nature from regular plan shaped buildings. So, it
is desirable to study of pressure coefficient due to wind effects before designing the
irregular plan shaped tall buildings. Pressure coefficients and force coefficients (i.e.,
drag and lift coefficients) of some regular plan shaped buildings are given in rel-
evant codes [1–4] but there are no such provisions for calculating pressure or force
coefficients of irregular plan shaped tall buildings. Pressure and force coefficients
could be found from experimental method (i.e., wind tunnel test) and numerical
method (Computational Fluid Dynamics technique). Many research works have
been carried out earlier in the field of wind engineering based on wind tunnel test
and Computational Fluid Dynamics (CFD) technique. The effect of wind on L and
U plan shape structures in wind tunnel [5] was studied in 2005. A multi-channel
pressure measurement system was used to measure mean values of loads on 1:100
scale model. The models were experimented with angle of wind flow varying from
0° to 180°. The influence of additional wing transforming the L into the U-shaped
model was noticeable on the pressure distribution. Amin and Ahuja [6] presented
experimental results of wind tunnel model tests to evaluate wind pressure distri-
butions on different faces having the same plan area and height but varying plan
shapes (“L” and “T”) at a geometric scale of 1:300 under boundary layer flow in
2008. Wind pressure was measured in the range of wind directions from 0° to 180°
with an interval of 15°. It was noticed that a large variation of pressure along the
height as well as along the width of different faces of models and it was also
observed that changing the plan dimensions considerably affects the wind pressure
distributions on different faces of the building models. An experimental results on
the aerodynamic behavior with square cylinders with rounded corners [7] was also
studied earlier. Global force and surface pressure was measured for different
Reynolds numbers and it was found that critical angle of incidence decreases
corresponding to flow reattachment as radius of rounded corners increases. Some of
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the researchers also compared experimental as well as numerical results for ade-
quacy of both the techniques [8–13]. The requirement of both the experimental as
well as numerical techniques is noticed from the above mentioned previous studies.

Present study describes about force and pressure variation on different faces of
an unsymmetrical ‘E’ plan shaped tall building under wind excitation. Both along
and across wind effects is considered for this case. Experimental as well as
numerical study is carried out to achieve acceptable results for this case. Experi-
mental study has been carried out in boundary layer wind tunnel whether numerical
study has been carried out by Computational Fluid Dynamics (CFD) technique
using ANSYS CFX software.

2 Experimental Study

Experimental study was carried out in open circuit boundary layer wind tunnel at
Department of Civil Engineering, IIT Roorkee, India. The cross section of the wind
tunnel was 2 m (width) × 2 m (height) with a length of 38 m. The experimental
work has been carried out under terrain category-II as per IS 875 (Part 3)-1987 [1]
and the terrain category was formed by using square cubes of different sizes at inlet
region. Force and pressure were measured by two different models made of wood
board of thickness 6 mm and Perspex sheet of thickness 4 mm respectively (Fig. 1).
Both drag (CD) and lift (CL) coefficients were measured by force measurement
model whereas pressure coefficient (Cp) of different faces was measured by pressure
measurement model. The models were scaled at 1:300. Different faces along with

Fig. 1 Unsymmetrical ‘E’ plan shaped tall building model placed in wind tunnel, a pressure
measurement model, b force measurement model
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detail dimensions of the model are shown in Fig. 2. Pressure was measured by
pressure tapings of internal diameter 1 and 15–20 mm long installed at every faces.

The velocity of wind in the wind tunnel was considered as 10 m/s and turbulence
intensity was 10 % in the wind tunnel. Boundary layer flow was generated by
vortex generator and cubic blocks placed in the upstream side of the wind tunnel.
The power law index (α) for the velocity profile inside the wind tunnel was 0.133.
Force measurement model was tested under three different wind velocity of 6, 8 and
10 m/s.

3 Numerical Study

Numerical study was carried out by Computational Fluid Dynamics (CFD) method
by using ANSYS CFX software package. Two equations k-ε turbulence model was
used for modelling as they offers a good compromise between numerical effort and
computational accuracy. The k-ε model use the gradient diffusion hypothesis to
relate the Reynold stresses to the mean velocity gradients and turbulent viscosity.
‘k’ is turbulence kinetic energy and is defined as the variance of fluctuations in
velocity and ‘ε’ is the turbulence eddy dissipation (the rate at which the velocity
fluctuation dissipate).

So, modified continuity and momentum equation after incorporating two new
variables i.e., k and ε are

Fig. 2 Different faces of
unsymmetrical ‘E’ plan
shaped tall building along
with detail dimension and
wind angles (plan view) [all
dimensions are in ‘mm’]
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where SM is the sum of body forces, leff is the effective viscosity accounting for
turbulence and p0 is the modified pressure. The k-ε model, like the zero equation
model, is based on the eddy viscosity concept, so that

leff ¼ lþ lt ð3Þ

where lt is the turbulence viscosity. The k-ε model assumes that the turbulence
viscosity is linked to the turbulence kinetic energy and dissipation via the relation

lt ¼ Clq
k2

e
ð4Þ

where Cl is a constant.
The values of k and ε come directly from the differential transport equations for

the turbulence kinetic energy and turbulence dissipation rate:
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Pk is turbulence production due to viscous forces, which is modeled using:

Pk ¼ lt
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þ @Uj
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@xj
� 2
3
@Uk

@xk
3lt

@Uk

@xk
þ qk

� �
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Cl is k-ε turbulence model constant of value 0.09. Ce1, Ce2 are also k-ε turbulence
model constant in ANSYS CFX of values 1.44, 1.92 respectively. rk is the turbu-
lence model constant for k equation of value 1.0 and re is the turbulence model
constant for ε equation of value 1.3. ρ is the density of air in ANSYS CFX taken as
1.224 kg/m3. μ and μt are dynamic and turbulent viscosity respectively. The other
notations having their usual meanings. The building was considered as bluff body in
ANSYS CFX and the flow pattern around the building was studied.

The domain size (Fig. 3) was taken as referred by Franke et al. [14] and Revuz
et al. [15].
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The upstream side was taken as 5H from the face of the building, downstream
side was taken as 15H from the face of the building, two side distance of the
domain was taken as 5H from the face of the building and top clearance was taken
as 5H from the top surface of the building. Such large size of domain helps in
vortex generation in the leeward side of the flow and backflow of wind also be
prevented. Tetrahedron meshing was done throughout the domain with tetrahedral
element and it was inflated near the model with hexagonal meshing for uniform
wind flow near the surfaces of the ‘E’ plan shaped tall building.

The boundary conditions were taken as the same in the wind tunnel test such that
the results found from the experiment can validate the results obtained from the
numerical analysis.

Boundary layer wind flow near the windward side was generated in the inlet of
the domain using Power law:

U
U0

¼ z
z0

� �a

ð8Þ

Fig. 3 Details of domain with boundary conditions, a plan, b elevation
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where U0 is the basic wind speed was taken as 10 m/s, z0 is the boundary layer
height was considered as 1 m as same as the wind tunnel and power law index α
was taken as 0.133. The velocity profile for experiment and numerical study is
shown in Fig. 4. Relative pressure at outlet was considered as 0 Pa. The velocity in
all other directions was set to zero. Side surfaces and top surfaces of the domain
were taken as free slip condition so that no Shere stress should generate there
whereas, all surfaces of the body and ground of the domain were considered as no
slip condition to measure the pressure contour accurately.

4 Results and Discussions

4.1 Wind Flow Pattern

Wind flow pattern around the building were studied for along wind (0°) and across
wind (90°) direction by Computational Fluid Dynamics (CFD) technique. Plan
view of both flow pattern are shown in Fig. 5. Flow pattern is almost symmetrical
about central axis for along wind direction but it is very much asymmetrical about
central axis for across wind direction. So, it is expected to get similar pressure on
similar faces for along wind action before wind flow separation and pressure dis-
tribution on rear side faces may differ due to unsymmetrical plan shape but,
pressure distribution may differ on each face in case of across wind action due to

Fig. 4 Velocity profile in
inlet by experimental and
analytical technique
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unequal plan shape and irregular eddies formation due to interference effects of the
limbs of unsymmetrical ‘E’ plan shape tall building. Pressure distribution on frontal
face may symmetrical about vertical axis for both the wind directions because, wind
is perpendicularly hitting the frontal surfaces in each case. Frictional suction force
may occur at the sidewalls in both the cases, so that negative pressure may generate
on these side faces. Also negative pressure may occur at the rear side faces due to
suction force of vortex generated at the rear side faces.

4.2 Variation of Drag and Lift Coefficients

Drag and lift coefficients are found from experimental study of force measurement
model in the wind tunnel. Force was measured in two directions (i.e., X and Y
direction) for each wind incidence angle. Forces measured along X direction are
termed as drag coefficients whereas forces measured along Y direction are termed
as lift coefficients. Drag and lift coefficients are measured for three different wind
speed of 6, 8, 10 m/s. Variation of drag and lift coefficients with different wind
speed are shown in Fig. 6.

Variation of drag and lift coefficients with wind speed is almost linear with
vertical axis which indicates that drag and lift coefficients are almost constant for an
particular wind incidence angle which implies the accuracy of the experiment. Drag
coefficients are more than corresponding lift coefficients for each wind angles
because less suction effect occurred in perpendicular to wind direction when the
frontal face is perfectly perpendicular to wind flow direction. A large variation of
drag coefficients occurred between both wind incidence angles but lift coefficients
are almost equal for both wind incidence angles. Maximum drag coefficient (0.95)
occurred at 0° wind angle for wind speed of 10 m/s. Maximum wind dissipate on
the frontal face due to maximum frontal area in case of 0° wind incidence angle so
that maximum drag coefficient occurred at 0° wind incidence angle. Maximum lift
coefficient (0.10) is occurred at both 0° and 90° wind incidence angles.

Fig. 5 Flow pattern around unsymmetrical ‘E’ plan shaped tall building shown in plan, a at 0°
wind angle, b at 90° wind angle
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4.3 Variation of Pressure Coefficients

Pressure coefficients (Cp) on different surfaces of the model were measured by
experimental as well as numerical method. Also pressure contours on different
surfaces of the model are plotted for along and across wind direction of flow. After
that a comparative study between experimental and numerical method has carried
out to justify the compatibility of both the method.

4.3.1 Pressure Contours

Pressure contour on different faces of unsymmetrical ‘E’ plan shape tall building are
plotted for 0° as well as 90° wind action. Both experimentally predicted (Fig. 7) and
numerically predicted (Fig. 8) pressure contours are plotted. Pressure contour on
face A, C and on face B, I, L are plotted for 0° and 90° wind incidence angle
respectively by both experimental as well as numerical technique. Pressure contour
on face L is symmetrical about vertical axis due to symmetrical flow pattern about
this face (Fig. 5). Also only positive pressure occurred on face L at 90° wind
incidence angle because wind is directly hitting on this surface. Maximum negative
pressure occurred on face B at 90° wind incidence angle due to high suction force
of separated out flow lines after separation from face A. Negative pressure contours
occurred on face A and C at an wind incidence angle 0° due to vortices generated at
the rear side of the model. Pressure contour is almost symmetrical about vertical
axis on face C for along wind direction due to small vortex inside the limbs and
uniformity of vortex formation between the small limbs.

Fig. 6 Variation of drag coefficients (CD) and lift coefficients (CL) with wind speeds
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4.3.2 Mean Pressure Coefficients

Mean pressure coefficients of all the surfaces of unsymmetrical ‘E’ plan shaped tall
building are given in Table 1. Similar mean pressure occurred on similar faces (face
J and L) for 0° wind incidence angle as wind is perpendicularly hitting the frontal
surface and separation of flow through the faces J and L are same in nature. Positive
pressure occurred on frontal faces with respect to the flow direction of 0° (face K)
and 90° (face L) wind action. Negative mean pressure occurred on rear side faces

Fig. 7 Pressure contour on different faces of unsymmetrical ‘E’ plan shaped tall building by wind
tunnel test, a face A at 0°, b face C at 0°, c face B at 90°, d face I at 90°, e face L at 90°

Fig. 8 Pressure contour on different faces of unsymmetrical ‘E’ plan shaped tall building by
numerical technique, a face A at 0°, b face C at 0°, c face B at 90°, d face I at 90°, e face L at 90°
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due to vortices generated at the rear side faces and suction force occurred due to
these vortices. A small vortex generated between the limbs of ‘E’ plan shaped
building (Fig. 5) due to interference effect of the 50 mm width limbs and suction
force generated in between these faces such that negative pressure occurred in
between these faces for 0° as well as 90° wind angle. Also the intensity of mean
pressure coefficients of these faces (face F, G, H) are almost same at 90° wind angle
due to almost similar suction pressure. Maximum positive pressure occurred on face
K in along wind action (0°) due to maximum force dissipation on that surface.
Pressure intensity on face B, C and G, H are almost same in case of along wind
action because stream lines are washed out of these zones in same nature with same
intensity (Fig. 5). Mean pressure coefficients of face B, C, D are almost same for
across wind direction of flow due to almost equal suction force occurred on these
faces.

4.4 Comparative Study

A comparative study between results obtained from experimental and numerical
study is carried out to justify the adequacy of both the methods. Mean pressure
coefficients, pressure variation of some faces along vertical centerline and pressure
variation along horizontal centerline are obtained by both the methods to compare
the above two procedure.

Mean pressure coefficients of each face along with percentage of error of
numerical study with respect to experimental study are given in Table 1. Positive
and negative sign indicates the increment and decrement of magnitude with respect
to experimental study. Positive pressure is almost equal for along wind action (0°)
by both methods whether some discrepancy noticed in case of across wind direction
(90°) due to less number of pressure tapping points installed in experimental model
but this could be improved by providing more number of pressure tappings.
Negative mean pressures on all faces are almost equal for both experimental as well
as numerical method in case of 0° wind angle but some discrepancy occurred in
case of 90° wind angle by numerical technique due to mesh pattern and mesh size.
This discrepancy could further be improved by improving mesh sizes with higher
efficient computational technique.

Pressure variation along vertical centerline of some faces (face D, G, H, K at 0°
wind incidence angle and face F, G, I, L at 90° wind incidence angle) are plotted in
Fig. 9 by both experimental as well as numerical technique. This variation can also
be called as point to point variation of pressure along vertical centerline of different
faces.

It is seen from the figure (Fig. 9) the results obtained from both methods are
almost merging with each other for each face. Almost parabolic nature is noticed on
face K and L in case of 0° and 90° wind incidence angles respectively due to
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boundary layer wind flow in inlet region. Almost zero pressure occurred at the top
portion in both the cases due to upwash of wind flow at this region. Pressure
variation is almost convective from vertical line of face D, G, H in case of 0° wind
incidence angle and the magnitudes are increasing with height.

Variation of pressure coefficients along horizontal centerline on all the faces are
plotted in Figs. 10 and 11 for 0° and 90° wind angles respectively. Pressure vari-
ation is almost symmetrical about face K at 0° wind angle but not such symmetry
occurred in case of 90° wind angle. However, a good agreement of results obtained
by numerical method with wind tunnel test results are noticed.

Fig. 9 Variation of pressure coefficients along vertical centerline on different faces of
unsymmetrical ‘E’ plan shaped tall building, a face D at 0°, b face G at 0°, c face H at 0°,
d face K at 0°, e face F at 90°, f face G at 90°, g face I at 90°, h face L at 90°
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5 Conclusion

Present study mainly focussed on force and pressure variation on different faces of
an unsymmetrical ‘E’ plan shaped tall building under 0° and 90° wind angle. In
spite of perpendicular wind incidence angles, the building behaves in different
nature under wind excitation from the rectangular building due to interference
effects of the three limbs of ‘E’ plan shaped building. The most important outcomes
are summarized below:

Fig. 10 Comparison of pressure coefficients along horizontal centerline for 0° wind angle

Fig. 11 Comparison of pressure coefficients along horizontal centerline for 90° wind angle
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1. Wind flow pattern is noticeably changed after separation at 90° wind angle due
to interference effect of the limbs (200 mm × 50 mm in plan) of ‘E’ plan shaped
building.

2. Maximum drag coefficient occurred at 0° wind angle but maximum lift coeffi-
cient occurred at both 0° and 90° wind angles.

3. Symmetrical pressure contour about vertical axis occurred on face K and L at 0°
and 90° wind incidence angle respectively due to perpendicular wind flow
directions in both the cases with respect to the faces. Also pattern of pressure
variation is parabolic (positive) in nature on both the faces due to boundary layer
wind flow.

4. Negative pressure contour occurred on rear side faces with respect to wind flow
direction. Also negative pressure experienced by the faces in between the limbs
of ‘E’ plan shaped building due to irregular vortices formed in between the limbs.

5. Maximum positive mean Cp (0.57) occurred on face K at 0° wind angle due to
direct wind force dissipation on this face.

6. Maximum negative mean Cp (−0.67) occurred on face B at 90° wind incidence
angle due to high suction force of flow after separated out from face A and
irregular eddies formation inbetween the limbs caused by interference effect of
limb and turbulence.

7. Mean pressure coefficients on face A to face I are comparatively higher in case
of 90° wind incidence angle with respect to 0° wind angle due to more irregular
wind flow pattern at 90° wind angle. Also high suction force occurred in
between these faces after separation of flow and interference effects highly
occurred due to the limbs of ‘E’ plan shaped building.

8. A good agreement of numerically predicted results noticed with wind tunnel
results by three comparisons (mean pressure coefficients, variation of pressure
coefficients along horizontal and vertical centerline on the faces).

Acknowledgments The work described in this paper was fully supported by Wind Engineering
Centre (WEC) of IIT Roorkee, India. Financial supports for this experimental study from
Department of Science & Technology (DST) of India is gratefully appreciated.

References

1. IS: 875 (Part 3)-1987 (1987) Indian standard code of practice for design wind load on building
and structures. Second Revision, New Delhi, India

2. AS/NZS 1170.2: 2011 (2011) Structural design action, part 2: wind actions. Australian/
New-Zealand Standard, Sydney, Wellington

3. BS 6399-2: 1997 (1997) Loading for buildings—part 2: code of practice for wind loads.
British Standard, London, UK

4. ASCE 7–10 (2010) Minimum design loads for buildings and other structures, 2nd edn.
American Society of Civil Engineering, ASCE Standard, Reston, Virginia

5. Gomes MG, Rodrigues AM, Mendes P (2005) Experimental and numerical study of wind
pressures on irregular-plan shapes. J Wind Eng Ind Aerodyn 93(10):741–756

Along and Across Wind Effects ... 1459



6. Amin JA, Ahuja AK (2008) Experimental study of wind pressures on irregular plan shape
buildings. In: BBAA VI International colloquium on: bluff bodies aerodynamics and
applications, Milano, Italy, 20–24 July 2008

7. Carassale L, Freda A, Brunenghi MM (2014) Experimental investigation on the aerodynamic
behavior of square cylinders with rounded corners. J Fluids Struct 44:195–204

8. Huang S, Li QS, Xu S (2007) Numerical evaluation of wind effects on a tall steel building by
CFD. J Constr Steel Res 63:612–627

9. Mendis P, Ngo T, Haritos N, Hira A, Samali B, Cheung J (2007) Wind loading on tall
buildings. EJSE Spec Issue Load Struct 3:41–54

10. Dalui SK (2008) Wind effects on tall buildings with peculiar shapes. Ph.D. thesis, Department
of Civil Engineering, IIT Roorkee, India

11. Fu JY, Li QS, Wu JR, Xiao YQ, Song LL (2008) Field measurements of boundary layer wind
characteristics and wind-induced responses of super-tall buildings. J Wind Eng Ind Aerodyn
96(8–9):1332–1358

12. Kim YC, Kanda J (2013) Wind pressures on tapered and set-back tall buildings. J Fluids Struct
39:306–321

13. Chakraborty S, Dalui SK, Ahuja AK (2013) Experimental and numerical study of surface
pressure on ‘+’ plan shape tall building. Int J Constr Mater Struct 1(1):45–58

14. Franke J, Hirsch C, Jensen AG, Krüs HW, Schatzmann M, Westbury PS, Miles SD, Wisse JA,
Wright NG (2004) Recommendations on the use of CFD in wind engineering. In: Proceedings
of the international conference on Urban wind engineering and building aerodynamics: COST
C14: impact of wind and storm on city life and built environment. Rhode, Saint-Genèse

15. Revuz J, Hargreaves DM, Owen JS (2012) On the domain size for the steady-state CFD
modelling of a tall building. J Wind Struct 15(4):313–329

1460 B. Bhattacharyya and S.K. Dalui



Seismic and Wind Response Reduction
of Benchmark Building Using Viscoelastic
Damper

Praveen Kumar and Barun Gopal Pati

Abstract In the last three decades, there has been great deal of interest in the use of
control systems to mitigate the effects of dynamic environmental hazards like
earthquake and strong winds on the civil engineering structures. A variety of
control systems have been considered for these applications that can be classified as
passive, semi-active active or hybrid. In the present study, Viscoelastic damper as a
structural protective system has be implemented to mitigate the damaging effects
from the seismic and wind forces acting on the benchmark building. The dynamic
behavior of the structural system supported on viscoelastic damper, the optimum
parameters of the damper and effect of damper properties on the free vibration
characteristics of the structure subjected to seismic and wind forces are investigated.
The seismic force considered for study is El-Cento and wind force as simulated
onsite wind velocity from the results obtained from the wind tunnel test. It is
observed from the study that vicoelastic damper is very effective in reducing the
reposes of benchmark building due to seismic and wind forces with respect to
uncontrolled structure.

Keywords Benchmark building � Seismic � Viscoelastic damper � Wind tunnel

1 Introduction

An engineer’s ability to reduce a city’s damage caused by earthquakes and wind
excitation is crucial to the economy and human life. Earthquake and wind excitation
can claim the lives of many people cause millions of Rupees in damages and also
reduce building longevity. Recent advances in civil structures such as high-rise
buildings, towers and long span bridges go with an additional flexibility and
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insufficient inherent damping, which lead to increase in their susceptibility to
external excitation. Therefore, these flexible structures are susceptible to be exposed
to excessive levels of vibration under the actions of a strong wind or earthquake
motion. The protection of such structures from natural hazards puts an important
task for engineers and researchers. To ensure the functional performance of flexible
structures against such undesirable vibrations, various design alternatives have been
developed, ranging from alternative structural systems to modern control systems
with the use of various types of control devices.

In general, we could classify modern control systems into four categories,
namely passive, active, semi-active and hybrid control system. A passive controller
is a system that does not require power to operate and directly damps vibration or
movement. Active control requires significant power to run and applies a force
directly into the system to damp vibration. Semi-active control requires minimal
power and it applies a force that changes the system’s physical properties, therefore
damping the vibration.

Among the various control devices Passive Viscoelastic Damper is proposed in
the study to reduce the seismic and wind effects on the structure. Viscoelastic (VE)
damper is a modification from the fluid viscous dampers. This VE damper usually
consists of an orifice and piston moving in a hollow cylinder filled with highly
viscous fluid, the gap between the piston and cylinder filled with viscoelastic
material. These dampers have been successfully incorporated in a number of tall
buildings as a viable energy dissipating system to suppress wind and earthquake
induced motion of building structures. This type of damper dissipates the building’s
mechanical energy by converting it into heat. Several factors such as ambient
temperature and the loading frequency will affect the performance and hence the
effectiveness of the damper system. VE dampers have been able to increase the
overall damping of the structure significantly, hence improving the overall per-
formance of dynamically sensitive structures. The twin towers of the World Trade
Center Buildings in New York City and the Columbia Seafirst Building in Seattle,
Washington, are among the first buildings, which benefited from the installation of
VE dampers. In seismic applications, the VE dampers can be incorporated either
into new construction or as a viable candidate for the retrofit of existing buildings,
which adds to the versatility of VE dampers.

Mahmoodi initiated the preliminary work and proposal for use of visco-elastic
dampers in the year 1972 [1]. Tsai [2] presented innovative design, which he
claimed was superior to the dampers proposed by Mahmoodi and Keel [3]. The
experimental and analytical work on piping systems controlled using these devices
is reported from Kunieda et al. [4] and Chiba and Kobayashi [5]. Recent studies on
optimal design of visco-elastic dampers are reported by Shukla and Datta [6] and
Park et al. [7].

The main objective of the present study is to develop: Optimum design
parameter of the benchmark building equipped with VE damper; To investigate
numerically the feasibility and efficiency of VE damper in comparison to uncon-
trolled structure; To investigate the response of benchmark building equipped with
VE damper under the seismic and wind forces.
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2 Modelling of Benchmark Building with VE Damper

A six storied benchmark building with passive viscoelastic damper is shown in Fig. 1.
This system is a simple representation of the scaled, six-storied, test structure that is
being used for experimental control studies at the Washington University Structural
control and Earthquake Engineering Laboratory by Jansen and Dyke [8]. This, six
storied benchmark building having mass of each floor, Mi as 0.227 N/(cm/s2)
[22.7 kg], the stiffness of each floor Ki as 297 N/cm (29,700 N/m) and a damping
ratio for each mode of 2 %. The seismic force considered is NS component of
the El-Centro 1940 as the input ground motion to the structure. The time history
of El-Centro 1940 earthquake is shown Fig. 2. Wind force considered for analysis is
the stipulated wind velocity at Mumbai, India site from the wind tunnel test per-
formed at University of technology Sydney, Australia by Samali et al. [9]. The wind
velocity as wind excitation to the structure is shown in Fig. 3.

VE 
Damper

Fig. 1 Six storied benchmark building with VE dampers in all stories
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Fig. 2 NS component of El-Centro 1940 ground motion
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Figure 4a shows a schematic diagram of a typical viscoelastic damper proposed
by Kunieda et al. [4]. Figure 4b shows the generalized Maxwell Model. According
to Maxwell, the resistance of the damper is dependent upon both velocity and
displacement. The damper has two part; elastic (represented by spring) and viscous
(represented by damper). Here Spring and damper connected in series.

The equations of motion of the structure equipped with viscoelastic damper,
under the ground motion are expressed in the following matrix form:

½M� u
::� �þ ½C�fu: g þ ½K�fug ¼ �½M�frg ug:: ð1Þ

uf g ¼ x1; y1; z1; hx1; hy1; hz1; x2; y2; z2; hx2; hy2; hz2; . . .; xN ; yN ; zN ; hxN ; hyN ; hzN
� �T

ð2Þ
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Fig. 3 Scaled wind velocity data

(1) Viscous fluid; (2) Piston head; (3) Orifices; (4) Cylinder casing; (5) Piston rod; (6) End cap 
and seal; and (7) Coupling clevis

Visco-elastic material

2

4 7

6

(a)

(b)

5

Fig. 4 a Schematic model of viscoelastic damper; b Maxwell model for the viscoelastic damper
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where [M], [C] and [K] represents the mass, damping and stiffness matrix,
respectively of the structural system with VE damper of order 6 N × 6 N, where N is
the number of nodes; fu::g; fu: g and {u} represent acceleration, velocity and
displacement vectors, respectively; {r} is the influence coefficient vector; ug

::
is the

earthquake ground acceleration; and xi, yi and zi are the displacements of the ith
node in the structural system in X-, Y- and Z-directions, respectively. A lumped
mass matrix is obtained by ignoring the masses in the rotational degrees-of-freedom
and it has a diagonal form. The stiffness matrix of the structures with VE damper is
constructed separately as given below and then static condensation is carried out to
eliminate the rotational degrees-of-freedom.

½K�¼
Xnd
p¼1

½Kb� þ ½upf �Kp
d ð3Þ

where [Kb] is the stiffness matrix of the structure alone; nd is the total number of VE
dampers provided in the structure; ½upf � is the location matrix of the pth damper and
Kp
d is the stiffness of the pth VE damper.
The damping matrix of the overall system (i.e. structure with dampers) is

obtained by adding the inherent structure damping matrix [Cb] and the damping
contribution from the dampers and is expressed by

½C�¼
Xnd
p¼1

½Cb� þ ½upf �cpd ð4Þ

where [Cb] is the damping matrix of the structure alone; ½upf � is the location matrix
of the pth damper and cpd is the damping coefficient of the pth damper. With the first
two natural frequencies of the structural system known and the damping ratio, the
damping matrix is obtained by using Rayleigh’s method.

3 Numerical Study of Structure with Viscoelastic Dampers

The seismic and wind response of the benchmark building with visco-elastic
damper is investigated for El-Centro earthquake stipulated and wind velocity for
Mumbai site, India. Dynamic analysis of six storied benchmark structure under
seismic and wind excitation has been performed with different configuration of VE
dampers placement.

It is observed that there are two parameters, cd and Kd that affects the perfor-
mance of a VE damper. To numerically search for design parameters of individual
damper is computationally time-consuming. Therefore, firstly, it is assumed that the
dampers are having constant damping ratios (i.e. cd = cd1, cd2). Then, to obtain the
design parameters of the VE dampers, the seismic responses of the controlled
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structures are noted for different values of damping ratios in the dampers in the
practical range of ratio cd/cb = 0–20, where cb is the first mode damping coefficient
of the uncontrolled structure expressed as

cb ¼ 2nbm1x1 ð5Þ

in which, ξb is the damping ratio; ω1 is the fundamental natural frequency and m1 is
the corresponding modal mass of the structural system. Similarly for the design
parameters for VE dampers attached to the structure, the seismic responses of the
structure are noted for different values of both Kd and cd. Keeping the range of
variation of cd, the responses of the structural system are noted for different values
of the ratio Kd/Kb in the practical range of =0.01–0.4, where Kb is first mode
stiffness of the structural system and expressed as

Kb ¼ m1x
2
1 ð6Þ

The variation of displacements and acceleration are studied with respect to
different cd and Kd values and are shown in Figs. 5 and 6. From the Figs. 5 and 6,
the ratios cd/cb = 12 and Kd/Kb = 0.1 are selected as optimum value. The optimum
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values of stiffness and damping of the damper are obtained for the seismic case and
the same optimum values of VE damper are used in the structure excited by wind.

The first fundamental frequency of the benchmark building obtained from the
experiment is 8.61 rad/s, which are near to value calculated in present analysis and
is 8.72 rad/s in the first mode.

Peak responses of displacement and acceleration by the seismic excitation are
shown in Figs. 7 and 8 with different configuration of the damper placements. It is
observed that as the number of damper increased, the peak displacement of each
floor in general reduces. However, for displacement controlled systems it is
observed that dampers continuously starting with first damper between 1st and
ground floor and subsequent damper should be connected on subsequent stories
without leaving any intermediate story without any damper can be noticed from the
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results of dampers in 1st, 3rd and 5th stories. For maximum reduction in peak
displacements, the VE Dampers in all stories should be employed. The peak values
of inter-story drifts also get reduced by introduction of VE dampers. From Fig. 8, it
is observed that numbers of dampers are increased, the peak acceleration of each
floor, in general, reduces. It is notice from the Fig. 8 that reduction of displacement
is predominately at the first three floors and the upper floor acceleration reduction is
not substantial. Hence, for maximum reduction in peak acceleration VE dampers is
placed on all stories. Figure 9 shows the displacement-time, acceleration-time
variation at 6th floor and base shear-time variation for VE damper at all stories
subjected to earthquake excitation. It observed from the Fig. 9 that responses
reduction in term of displacement, acceleration and base shear is substantial.
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Peak responses of displacement and acceleration by the wind excitation are
shown in Figs. 10 and 11 with different configuration of the damper placements. It
is observed that as the number of damper increased, the peak displacement of each
floor in general reduces. Figure 12 shows the displacement-time and acceleration-
time variation at 6th floor for VE damper at all stories subjected to wind excitation.
It observed from the Fig. 12 that responses reduction in term of displacement,
acceleration and base shear is substantial.
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4 Conclusions

The effectiveness and performance of VE damper in six storied benchmark building
subjected to El-Centro earthquake motion and simulated wind data at Mumbai,
India with configuration of damper placement in the structure has been investigated
and presented. From that optimum damper parameters, performance of VE damper
are studied at different configurations of damper in the benchmark building. From
numerical investigation for the structural system with VE dampers as a protective
control system, the following conclusions are drawn:

1. Numerical studies show that the VE dampers are effective in reducing the
seismic and wind responses of the structural system with respect to uncontrolled
structure. It is very effective in reducing displacement and acceleration; almost
45 % in case of displacement, 35 % in case of acceleration and base-shear; about
20 % reduction can be seen.

2. From the parametric study it is seen that with increase in damping value of the
VE damper, the peak displacements, accelerations and base-shear are reducing
but after certain value the amount of reduction becomes very less. From this
point of view optimum damper parameters are selected.

3. By studying the effect of various damper placement configurations it has
been found that for obtaining best results, VE dampers must be installed
in consecutive floors rather than alternate floors for same number of dampers.
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Also preferably damper installation should start from ground floor for the sig-
nificant reduction in acceleration.

4. Desire response reduction at particular floor can be achieved by applying VE
damper at the particular floors only.

5. High percentage of reduction in displacement of top floor of the building can be
greatly effective where the space between two buildings is less.
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Optimum Tuned Mass Damper for Wind
and Earthquake Response Control
of High-Rise Building

Said Elias and Vasant Matsagar

Abstract The effectiveness of optimal single tuned mass damper (STMD) for wind
and earthquake response control of high-rise building is investigated. Two build-
ings one 76-storey benchmark building and one 20-storey benchmark building are
modeled as shear type structure with a lateral degree-of-freedom at each floor, and
STMD is installed at top or different floors. The structure is controlled by installing
STMD at different locations. The modal frequencies and mode shapes of the
buildings are determined. Several optimal locations are identified based on the
mode shapes of the uncontrolled and controlled benchmark building. The STMD is
placed where the mode shape amplitude of the benchmark building is the largest/
larger in the particular mode and each time tuned with the corresponding modal
frequency, while controlling up to first five modes. The coupled differential
equations of motion for the system are derived and solved using Newmark’s step-
by-step iteration method. The variations of buildings responses under wind and
earthquake forces are computed to study the effectiveness of the STMD. In addition
the optimum mass ratios for STMD are obtained. It is observed that the STMD is
effective to control the responses of structures subjected to wind and earthquake.
Further, STMD tuned to higher modal frequencies will be effective to reduce the
responses of the building significantly.
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1 Introduction

At present the cities are growing fast, as their populations are increasing, the low rise
building spaces are not enough. Needs for the increasing population is resulted to
construction of tall buildings and increasing the bridges for network facilities.
Natural hazard such as earthquake and wind causes damages for the buildings and
bridges. The concern of structural engineers is to bring safety and make people to feel
safe and comfortable. Energy dissipation of the natural hazard with the help of
passive, semi-active and active structural control devices are reported to be better
than relying on the inelastic deformation of the structure. Significant progress has
been made in the area of structural control in the past by using analytical and
experimental study on various different buildings and bridges. Wind and earthquake
vibrations in structures are principally controlled by usage of single tuned mass
damper (STMD). The concept of a TMD has been originated since the attempt made
by Frahm [1]. He tried to use spring absorber to control rolling motion in ships, and
undamped mass-spring absorber shown ability to set the amplitude of main system to
zero for a single frequency. Thus, Frahm’s design has been improved by Ormond-
royd and Den Hartog [2]. They designed damped vibration absorber for broadband
attenuation. In addition they introduced the system of invariant points which has
evolved as the path for analytical optimal solution which could control the response
of the main structure, and its own motion. The detailed theory of the TMD system
attached to undamped main structure was discussed by Den Hartog [3]. Optimal
linear vibration absorber for linear damped primary system was determined by
Randall et al. [4] using graphical solution. The optimum control of absorbers con-
tinued over the years and different approaches have been proposed by investigators.
Abe and Igusa [5] investigated the effectiveness of TMD structures with closely
spaced natural frequencies. They have concluded that the number of TMDs must be
equal or larger than the number of closely spaced modes and the spatial placement of
the TMDs must be such that a certain matrix rank is satisfied. In addition they also
reported that for widely spaced natural frequencies, the response is the same as that of
an equivalent single degree of freedom (SDOF) structure/TMD system. The TMDs
are most effective when the first mode contribution to the response is dominant is
reported by Soong and Dargush [6]. This is generally the case for tall and slender
structural systems. Nagarajaiah [7] introduced the concept of adaptive passive tuned
mass dampers (APTMD). In addition, the new adaptive length pendulum stiffness
tuned mass damper’s (PSTMD) were introduced. He observed that the TMD loses its
effectiveness even with just 5 % mistuning, whereas PSTMD retunes, and reduces
the response effectively. The PSTMD and APTMD offer a number of new possi-
bilities for response control of flexible structures, such as tall buildings, and long
span bridges, under wind and earthquake loading. Pisal and Jangid [8] had shown the
effectiveness of the semi-active tuned mass friction damper. The study shown that
new system produces continuous and smooth slip force and eliminates the frequency
response of the structure usually occurs in case of passive tuned mass friction
damper. However, no study is conducted on earthquake response control of structure
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wherein placement and tuning of the TMD in structures are made in accordance with
the modal proprieties of the structures.

The objective of this study, therefore, is to study effective placement of STMD
based on the mode shapes and frequencies of the main structure. The STMD placed
where the mode shape amplitudes of the structure is the largest or larger in the
particular modes and tuning of the STMD to higher modal frequencies while
controlling first five modes for mitigation of structures vibration under wind forces
and earthquake ground excitations.

2 Theory

In present study, two buildings are considered for wind and earthquake response
control. For wind response control a 76-storey benchmark building is considered,
having 306.1 m height and 42 m × 42 m plan dimensions. It is sensitive to wind
because the aspect ratio (height to width ratio) is 7.3. The first storey is 10 m high;
stories from 2–3, 38–40 and 74–76 are 4.5 m high; all other stories are having
typical height of 3.9 m. Yang et al. [9] have given detailed description of the
benchmark building and its model. The rotational degrees of freedom have been
removed by the static condensation procedure, only translational degrees of free-
dom, one at each floor of the building is considered. Figure 1a through Fig. 1e show
mathematical model of the benchmark building installed with STMD at different
locations. In addition, the heights of various floors and configuration of the STMD
have also been depicted.

For earthquake response control a 20-storey benchmark building is considered,
having 80.77 m height and 30.48 m × 36.58 m plan dimension. Figure 2a, b show the
plan and elevation of benchmark building installed with STMD at different locations.
The benchmark building [10] is having of five bays in north–south (N–S) direction
and six bays in east–west (E–W) direction with each bay width of 6.10 m. The lateral
load of the building is resisted by steel perimeter moment resisting frames (MRFs) in
both directions. The floor to floor height is 3.96 m for 19 upper floors, 5.49 m for first
floor and 3.65 m for both basements. Splices are used for the columns after every
three floors. The columns are assumed to be pinned. In addition it is assumed that the
horizontal displacement is to be restrained at first floor. The seismic mass, including
both N–S MRFs, are 5.323105, 5.633105, 5.523105 and 5.843105 kg of the ground
level, first level, second level to 19th, and 20th level respectively. The seismic mass
of the above ground levels of the entire structure is 1.113107 kg. The beams and
columns of the structures are modeled as plane-frame elements, and a mass and
stiffness matrix for each of the structure is determined. The damping matrix is
determined based on an assumption of Rayleigh damping. The first 10 natural fre-
quencies of the 20-storey benchmark evaluation model are: 0.261, 0.753, 1.30, 1.83,
2.40, 2.44, 2.92, 3.01, 3.63, and 3.68 Hz. Floors are assumed to be rigid in the
horizontal plane because they provide diaphragm action. It is assumed that floor
diaphragm carries the inertial effects of each level to each perimeter MRF, hence,
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each frame resists one-half of the seismic mass associated with the entire structure.
Further, the following assumptions are made for analytical formulation.

1. The benchmark buildings are considered to remain within the elastic limit under
wind and earthquake forces.

2. These systems are subjected to single horizontal (uni-directional) components of
the forces.

3. The effect of the soil-structure interaction are not taken into consideration.

In general the governing equations of motion for the structures installed with
STMD are obtained by considering the equilibrium of forces at the location of each
degree of freedom as follows.

Ms½ � xs
::f g þ Cs½ � _xsf g þ Ks½ � xsf g ¼ f ðtÞ þ Gsf g ð1Þ

where ½Ms�, ½Cs�, and ½Ks� are the mass, damping, and stiffness matrices of the
building, respectively of order (N + n) × (N + n). Here, N indicates degrees of

30
6.

1 
m

4.5 m
4.5 m
10 m

34
 fl

oo
rs

 @
 

3.
9 

m
/ f

lo
or

 =
 1

32
.6

 m

4.5 m
4.5 m

35
fl

oo
rs

 @

3.
9 

m
/ f

lo
or

 =
 1

32
.6

 m

42 m

ci

ki

mi

4.5 m
4.5 m

xn

42 m

ci

ki

mi

xn

42 m

ci

ki

mi

xn,

42 m

ki

ci

mi

xn

x3
x2
x1

L3
L2
L1

42 m

ci

ki

mi

L65

L

L76
L75
L74

L40
L39
L38

x76
x75
x74

x65

x61

x40
x39
x38

xn

(a) (b) (c) (d) (e)

Fig. 1 a Through e mathematical model of the benchmark building installed with STMD at
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Fig. 2 Model of 20-storey benchmark building. a Plan of the building and schematics of STMD,
b elevation with STMD at top, c elevation with STMD at 9th, d elevation with STMD at 15th,
e elevation with STMD at 17th and f elevation with STMD at 14th floor
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freedom (DOF) for the building and n indicates degrees of freedom for STMD
(n = 1).

fxSg ¼ fx1; x2; . . .; xN; . . .; xngT, f _xSg, and xs
::f g are the unknown relative node

displacement, velocity, and acceleration vectors, respectively. f ðtÞ is the force. The
force can be wind load and it is considered acting on the N floors of the building,
however not on the STMD. The earthquake force is given by �Ms½ � rf g xg

::� �
where

the earthquake ground acceleration vector, xg
::� �

and frg is the vector of influence
coefficients. The fGsg is a vector size of (N x n) where all elements are zero except
the element where the STMD is placed. The value for the element is given by:

ci _xn � _XN
� �þ ki xn � XNð Þ ð2Þ

where ci is the damping of the STMD and ki is the stiffness of the STMD. The modal
frequencies and mode shapes of the structures are determined by conducting free
vibration analysis solving eigen value problem for tuning STMD and deciding the
placement. The STMD is placed where the mode shape amplitude of the structure is
the largest/larger in the particular mode and each time tuned to the corresponding
modal frequency, while controlling up to first five modes. In all cases, the mass
matrix is of order (N + n) × (N + n) with acceleration vector fxs:: g as given in Eq. 3.

Ms½ �fxs:: g ¼ MN½ �N�N 0
0 Mn½ �n�n

� �
Xi
::n o

N�1
xi
::f gn�1

( )
ð3Þ

The condensed stiffness matrix of the NC Building is KN½ �. This matrix KN½ � is
calculated by removing the rotation degrees of freedom of the building by static
condensation. The damping matrix ( CN½ �) is not explicitly known but can be defined
with the help of the Rayleigh’s approach using damping ratio (fs ¼ 0:05) for firs
five modes. For the building installed with the STMD, stiffness and damping of the
STMD were input in the generic stiffness matrix Ks½ � and damping matrix Cs½ �
shown with the help of Eqs. 4 and 5.

Ks½ �fxsg ¼ KN½ �N�N 0½ �N�n

0½ �n�N 0½ �n�n

� �
Xif gN�1

xj
� �

n�1

( )
þ Kn½ �N�N � Kn½ �N�n

� Kn½ �n�N Kn½ �n�n

� �
Xif gN�1

xif gn�1

� 	

ð4Þ

Cs½ �f _xsg ¼ CN½ �N�N 0½ �N�n

0½ �n�N 0½ �n�n

� � _Xi
� �

N�1

_xj
� �

n�1

( )
þ Cn½ �N�N � Cn½ �N�n

� Cn½ �n�N Cn½ �n�n

� � _Xi
� �

N�1

_xj
� �

n�1

( )

ð5Þ

In which ½Kn� and ½Cn� are the stiffness and damping matrices corresponding to
the DOF of the TMDs.
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3 Numerical Study

Wind and earthquake response of high-rise buildings controlled with the STMD is
investigated. The time histories of across wind loads are available on internet [11]
and the detailed description of the wind tunnel tests conducted at the University of
Sydney is given by Samali et al. [12, 13]. Seismic response of high-rise building is
investigated under N00S component of 1995 Kobe earthquake recorded at JMA.
The peak ground acceleration (PGA) of Kobe ground motion is 0.86 g. Five STMD
are chosen and placed at different location to control the wind and earthquake
response of the selected buildings. The first, second, third, fourth and fifth modal
frequencies decided to be controlled by STMD1–STMD5 respectively.

3.1 Wind Response Control

The effectiveness of optimum STMD for wind response control of 76-storey bench-
mark building is presented. In order, to find the optimum STMD, it is placed at
different location and tuned to the higher modal frequencies of the building. In
addition, the mass of the STMD is varied to find the optimummass ratio of the STMD.
In the present study, the performance of the dampers is studied only up-to the duration
of 900 s. To simplify the direct comparisons and to show the performance of various
devices a set of 12 performance criteria are proposed. To measure the reduction in root
mean square (RMS) response quantities of the wind excited benchmark building, the
performance criteria J1–J4 are defined. These quantities are to measure the controlled
by normalizing them by the response quantities of the uncontrolled building. To find
the peak response of controlled structure normalized by the peak response of the
uncontrolled building, the performance criteria J7–J10 are defined. Because the study
is passive system of control, thus there is no need to consider the other four perfor-
mance criteria J5, J5, J11, and J12 which represent the performance of the actuator.
However, Yang et al. [9] defined all these performance criteria, for the wind excited
benchmark building. In this study first five modal frequencies of the building are
considered to be controlled. Figure 3 shows the effectiveness of the STMD located at
different location and in each location tuned to different modal frequencies. It is
observed that placing STMD at topmost floor and tuning to first modal frequency of
the building will have the maximum wind response reduction. In addition, it is
observed that with increasing the mass ratio the wind response reduction also will
increase. Further, STMD tuned to higher modal frequencies will have improved
performance if they are placed accordance to mode shapes amplitude. The Figure also
shows that only up to three modes control are significant in response reduction of the
benchmark building. The reduction due to STMD tuned above third frequency can be
address to the background effect of the wind. It is concluded that for wind response
control of 76-benchmark building higher mass ratios have more effect comparing to
light STMD. In order to improve the performance of the system and easy installation
the distributed multiple tuned mass dampers (d-MTMDs) are recommended.
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3.2 Earthquake Response Control

In this section the effectiveness of optimum STMD for earthquake response control
of 20-storey benchmark building is investigated. Location, tuning and mass ratio are
the parameters to be optimized. The location is chosen as per maximum amplitude of
mode shapes. The first five modal frequencies of the building are considered. The
STMD placed at five different floors and in each placement the STMD is tuned to
the first five modal frequencies of the benchmark building. In order to compare
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different control systems performance criteria was defined for the 20-storey
benchmark building [10]. The performance criteria for maximum displacement,
drift, acceleration and base shear are J1, J2, J3, and J4 respectively. To obtain insight
into the performance of the controlled structural system that may not be provided by
the maximum response evaluation criteria, four evaluation criteria correspond to
normed measures of the structural responses are considered. The performance cri-
teria for normed displacement, drift, acceleration and base shear are J5, J6, J7, and J8
respectively. Figure 4 shows the effectiveness of STMD located at different locations
and effect of tuning to different modal frequencies. It is observed that tuning and
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placement of STMD is playing the important role in seismic response control of
buildings. It is also observed that the STMD tuned to first modal frequency will be
the most effective among all. In addition, it is observed that all the STMD tuned to
higher modal frequencies are effective when they are effectively placed. As shown in
figure if they are not placed effectively even the response of the building may
increase under ground motion. As much the mass ratio increased the performance
criteria improved in most of the cases.
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Fig. 5 Variation of earthquake response of 20-benchmark pre-earthquake building installed with
STMD at different locations
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3.3 Effect of Miss-Tuning

In this section the robustness of the STMD is checked in earthquake response of
buildings. The check for robustness of the STMD in wind response of the building
is neglected because the wind tunnel tests were not available for the two new
buildings. In order to find out the effect of the miss-tuning, the effect of the
changes of the dynamic properties of building from before (pre-earthquake) to after
(post-earthquake) strong motion is considered. The first 5 natural frequencies of the
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Fig. 6 Variation of earthquake response of 20-benchmark post-earthquake building installed with
STMD at different locations
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pre-earthquake model are: 0.29, 0.83, 1.43, 2.01 and 2.64 Hz. The first 5 natural
frequencies of the post-earthquake model are: 0.24, 0.68, 1.17, 1.65 and 2.16 Hz.
The STMD is tuned to the first 5 natural frequencies of the 20-storey benchmark
evaluation model and they are: 0.261, 0.753, 1.30, 1.83 and 2.40.

The pre-earthquake damping is determined using this increased stiffness and the
post-earthquake damping is determined using this decreased stiffness. Figures 5 and 6
show the effectiveness of STMD for response control of pre-earthquake and post-
earthquake models.

It is observed from both figures that the STMD1 is more sensitive in miss-tuning
effect comparing the other STMD. The reason can be larger shift in frequency. In
addition, it is observed that STMD are more robust in acceleration control of the
building comparing to displacement response control of the building. Figure 6
shows that STMD are more robust in post-earthquake model.

4 Conclusion

The effectiveness of optimal single tuned mass damper (STMD) for wind and
earthquake response control of high-rise building is investigated. Further, the
optimum STMD are identified based the effective placement and tuning. The fol-
lowing conclusions are drawn from the trends of the results shown in present study:

1. Displacement, drift, acceleration and base share are reduced when STMD1–

STMD5 are placed effectively.
2. The robust problem is more visible in case of STMD1 comparing to other

STMD.
3. Increasing the mass ratio of STMD will help the performance criteria to be

improved.
4. STMD tuned to higher modal frequencies will have improved performance if

they are placed accordance to mode shapes amplitude.
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Tuned Liquid Column Damper in Seismic
Vibration Control Considering Random
Parameters: A Reliability Based Approach

Rama Debbarma and Subrata Chakraborty

Abstract The present study deals with reliability based optimization of tuned
liquid column damper (TLCD) parameters in seismic vibration control considering
uncertainties in the properties of primary structure and ground motion parameters.
In doing so, the conditional second order information of the response quantities is
obtained in random vibration framework using state space formulation. Subse-
quently, the total probability theorem is used to evaluate the unconditional response
of the primary structures considering random system parameters. The unconditional
root mean square displacement (RMSD) of the primary structures is considered as
the performance index to define the failure of the primary system which is used as
the objective function to obtain the optimum TLCD parameters. Numerical study is
performed to elucidate the effect of parameters uncertainties on the optimization of
TLCD parameters and system performance. As expected, the RMSD of the primary
system is quite significantly reduced with increasing mass ratio and damping ratio
of the structure. However, when the system parameters uncertainties are considered,
there is a definite change in the optimal tuning ratio and head loss coefficient of the
TLCD yielding a reduced efficiency of the system. It is observed that though the
randomness in the seismic events dominates, the random variations of the system
parameters have a definite and important role to play in affecting the design. In
general, the advantage of the TLCD system tends to reduce with increasing level of
uncertainty. However, the efficiency is not completely eliminated as it is seen that
the probability of failure of the primary structure is still remains much lower than
that of the unprotected system.
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1 Introduction

The tuned liquid column damper (TLCD) is an effective passive vibration control
device due to its easy installation procedure and flexibility in liquid frequency
adjustment capability. In such system, the damper dissipates the vibration energy by
a combined action of the movement of the liquid in a U-shaped container, damping
effect through an orifice with inherent head loss characteristics and the restoring
force on the liquid due to gravity. The applicability of liquid damper to mitigate the
effect of wind and seismic induced vibration is studied extensively [1–3]. In fact,
the optimal design of passive control devices like tuned mass damper (TMD) and
TLCD assuming deterministic system parameters is well established [4–6].

The deterministic approach as mentioned above cannot include the effects of
system parameter uncertainty in the optimization process. Recently, the studies on
the effect of system parameter uncertainty have attracted lot of interests [7–12].
These studies are based on minimizing the unconditional expected value of the
mean square response and a notable different optimal TMD parameters are obtained
than that of obtained by considering deterministic parameters. The performance of
TLCD considering uncertainties in the stiffness of the primary system and earth-
quake load parameters was studied in [13, 14]. The optimization of liquid damper
system under uncertain system parameters is very limited. The present study deals
with reliability based design optimization (RBDO) of TLCD parameters in seismic
vibration control considering uncertainties in the properties of primary structure and
ground motion parameter. In doing so, the conditional second order information of
the response quantities is obtained in random vibration framework using state space
formulation. Subsequently, the total probability theorem is used to evaluate the
unconditional response of the primary structures considering random system
parameters. The unconditional RMSD of the primary structures is considered as the
performance index to define the failure of the primary system which is used as the
objective function to obtain the optimum TLCD parameters. Numerical study is
performed to elucidate the effect of parameters uncertainties on the optimization of
TLCD parameters and system performance.

2 Stochastic Dynamic Response Analysis
of TLCD—Structure System

A TLCD is a U-shaped liquid column tube attached to a primary structure. A
simplified TLCD structure system is shown in Fig. 1. The cross sectional area,
length of the horizontal portion, vertical height of the liquid inside the tube and the
density of the liquid mass are denoted by A, Bh, h and q, respectively. The total
length of liquid column is, Le ¼ 2hþ Bhð Þ. Assuming that the mass of the liquid
container is included in the mass of the primary structure, the mass of the TLCD
can be expressed as: ml ¼ qALeð Þ. The structure-damper system is subjected to a
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base acceleration, z
::
. If x and y represents the time dependent horizontal displace-

ment of the primary system relative to the ground and the displacement of liquid
surface respectively, the equation of motion of the liquid column can be expressed
as,

qALe y
:: þ 1

2
qAn _yj j _yþ 2qgAy ¼ �qABh x

:: þ z
::� � ð1Þ

The constant ξ is the coefficient of head loss controlled by the opening ratio of
the orifice. Normalizing Eq. (2) with respect to ml and applying equivalent line-
arization techniques [15] above non-linear equation can be expressed in linearized
form as

y
:: þ 2cp=Le _yþ 2g=Leyþ p x

:: ¼ �p z
:: ð2Þ

where, cp represents the equivalent linearization damping co-efficient and this can be
expressed as: cp ¼ r _yn=

ffiffiffiffiffiffi
2p

p
, where, r _y is the standard deviation of the liquid

velocity. In the above Bh=Le ¼ p is the ratio of the horizontal portion of the liquid
column to its total length. Following notations are also introduced: tuning ratio,
c ¼ xl=x0 where, x0 is the frequency of the primary structure and xl ¼

ffiffiffiffiffiffiffiffiffiffiffiffi
2g=Le

p
is

the frequency of liquid. It can be further noted that cp depends on the liquid response,
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Fig. 1 The structure and
TLCD system
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r _y of the liquid column which is not known a priori and required an iterative solution
procedure.

The equation of motion of the mdof structure attached with TLCD as shown in
Fig. 1 can be expressed as,

MY
::

þ CY þ KY ¼ �Mr zb
:: ð3Þ

where, Y ¼ ½y; xn; xn�1; . . .; x1�T is the relative displacement vector, and
�r ¼ 0 I½ �T , where I is an unit vector of size n. M, C, and K represent the mass,
damping and stiffness matrix of the combined system (details will be discussed
during presentation). Introducing the state space vector, Ys ¼ ðy; xn; xn�1; . . .:x1;
_y; _xn; _xn�1; . . .:x1ÞT , Eq. (3) can be expressed as:

_Ys ¼ AsYs þ ~r zb
:: ð4Þ

where, As ¼ 0 I
Hk Hc

� �
in which Hk¼ M�1K and Hc¼ M�1C, ~r ¼ 0½ ; I�T with

I and 0 is the (n + 1) × (n + 1) unit and null matrices, respectively.
The system experienced load due to random seismic acceleration zb

::
that excites

the primary structure at base. The well-known Kanai-Tajimi stationary stochastic
process model [16] which is able to characterize the input frequency content for a
wide range of practical situations is adopted here. The process of excitation at the
base can be described as

xf
:: ðtÞ þ 2nfxf _xf þ x2

f xf ¼ �WðtÞ
zb
:: ðtÞ ¼ xf

:: ðtÞ þ xðtÞ ¼ 2nfxf _xf þ x2
f xf

ð5Þ

where, W tð Þ is a stationary Gaussian zero mean white noise process, representing
the excitation at the bed rock, xf is the base filter frequency and nf is the filter or
ground damping. Defining the global state space vector as: Z ¼ ðy; xn; xn�1; . . .x1;
xf _y; _xn; _xn�1; . . . _x1; _xf ÞT , Eqs. (4) and (5) leads to an algebraic matrix equation of
order six i.e. the so called Lyapunov equation [17]:

ARþ RAT þ B ¼ 0 ð6Þ

Where, the details of the state space matrix A and B are given as below.

A½ � ¼ 0 I
�Hk �Hc

� �
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Hk ¼
�M�1K
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.
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.

..

.

..

.

0
x2
f

:
x2
f

� � � � � � � � � � � � � � � � � �
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Hc

¼
�M�1C
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� � � � � � � � � � � � � � � � � �
0 0 0 0 ..

. �2nfxf
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77777777775
and B

¼

0 � � � � � � � � � � � � 0
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. � � � � � � � � � � � � ..

.

..

. � � � � � � � � � � � � ..
.

..

. � � � � � � � � � � � � ..
.

..

. � � � � � � � � � � � � ..
.

0 � � � � � � � � � � � � 2pSo

2
666666664

3
777777775

The state space covariance matrix R is obtained as the solution of the above
Lyapunov equation and can be described as:

R ¼ Rzz Rz_z

R_zz R_z_z

� �
ð7Þ

In which, Rzz; Rz_z; Rz_z and R_z_z are the sub-matrices of R. The rmsd of the liquid
and that of the i-th storey of the primary structure can be obtained as:

ry ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
Rzzð1; 1Þ

p
and rxi ¼

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
Rzzðp; pÞ

p
where; p ¼ ðnþ 1Þ � ði� 1Þ

ð8Þ
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3 Conventional Reliability Based Optimization of TLCD
Parameters

The TLCD parameters optimization involves determination of the tuning ratio of
damper system (defined as the ratio of the liquid frequency xL to the primary
system frequency, x0 and the coefficient of linear equivalent damping Cp. The
design vector (DV) can be thus defined as: b ¼ c nð ÞT . The conventional optimi-
zation problem so defined for system subject to stochastic load can be transformed
into a standard nonlinear programming problem [18] and the design vector is
obtained for a known frequency, damping ratio of the primary structure. One of the
much used approaches is to minimize the mean square response of the primary
structure. In this regard, it can be noted that minimizing the mean square response
does not necessarily correspond to the optimal design in terms of reliability [8]. The
exceedance of some predefined serviceability or strength limit state by the primary
structure are more important to minimize in connection with optimum design of
TLCD parameters. Thus, the probability of failure of the primary system is used as
the objective function to obtain the optimum TLCD parameters in the present study.
The failure is associated with a threshold crossing failure. It is determined by the
first crossing of any structural response xi through a given threshold value bi. For a
system subjected to stochastic load, the first time bilateral crossing of any response
xi to barrier level bi can be expressed as: Fi ¼ xijf tð Þj[ big; t 2 0; T�½ . The con-
ditional failure probability PðFi=uÞ with regard to response xi based on the struc-
tural and the excitation model specified by u can be estimated following classical
Rice’s formulation:

P Fi=uð Þ ffi 1� exp �abi uð ÞT� � ð9Þ

where, abi uð Þ is the conditional threshold-crossing rate for ith failure mode and T is
the duration of earthquake motion. For stationary stochastic Gaussian process with
zero mean, the conditioned threshold crossing rate can be written as [17]:

abiðuÞ ¼ _rxi
prxi

exp � b2i
2r2xi

	 

ð10Þ

where, rxi and _rxi are the rms of xi and _xi. For multiple failure events, F ¼ PNq

i¼1 Fi

i.e. the system fails if any xij j exceeds its threshold bi. Since the mean out-crossing

rate of the system can be approximated by: a ¼ PNq

i¼1 abiðuÞ, the probability of
failure P F=uð Þ of the controlled structural system can be approximated by:

P F=uð Þ � 1 � exp �
XNq

i¼1

abi uð ÞT
" #

ð11Þ
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The optimization approach involving mechanical systems subject to random
load can be transformed into a standard nonlinear optimization problem as [1]

Find b ¼ c

n

	 

to minimize: f ¼ Pf ¼ P F=uð Þ � 1 � exp �

XNq

i¼1

abi uð ÞT
" #

ð12Þ

The standard gradient based techniques of optimization can be used to solve the
problem. In present study, the MATLAB routine is used.

4 The Parameter Uncertainty and Evaluation of Response
Sensitivity

The response statistic evaluation as discussed in previous section intuitively
assumes that these parameters are completely known. Thus, evaluation of stochastic
response using Eq. (8) and subsequent solution of the optimization problem to
obtain the optimum TLCD parameters are conditional. To include the effect of
parameter uncertainty, the total probability concept is used in the present study to
evaluate the unconditional stochastic response of the structure. The uncertain sys-
tem parameters as mentioned above are denoted by a vector u. To obtain the
sensitivity of responses, the first order derivative of basic Lyapunov equation can be
obtained by differentiating Eq. (6) with respect to k-th parameter uk:

A
@R
@uk

þ @A
@uk

Rþ @R
@uk

AT þ R
@AT

@uk
þ @

@uk
Bð Þ ¼ 0 i.e. AR;uk þ R;ukA

T þ B1 ¼ 0

ð13Þ

Where; B1 ¼ A;uk Rþ RAT;uk þ
@

@uk
ðBÞ ð14Þ

The sensitivity of response (RMSD as considered here) can be obtained directly
by differentiating the corresponding expression of Eq. (8) with respect to k-th
random variable uk as following:

@

@uk
rxið Þ i:e: rxi;uk ¼

1
2
R;uk ðj; jÞffiffiffiffiffiffiffiffiffiffiffiffi
Rðj; jÞp ; j ¼ ðnþ 1Þ � ði� 1Þ ð15Þ

In which, R;uk ðj; jÞ is obtained by solving Eq. (13). Now, taking the second
derivative with respect to l-th parameter, one can further obtain the following:
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AR;ukul þR;ukul A
T þ B2 ¼ 0

where; B2 ¼ 2½A;uk R;uk þR;uk A
T;uk � þ ½A;ukul Rþ RAT;ukul �

ð16Þ

The second order sensitivity of rmsd can be obtained by differentiating Eq. (15)
with respect to l-th random variable ul as following:

rxi ; ukul ¼
1

2
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
Rð2; 2Þp R;ukul ðj; jÞ �

1
2
½R;uk ðj; jÞ�2

Rðj; jÞ

( )
ð17Þ

It can be noted that the equations need to be solved for each random variable
involve in the problem to obtain the first and second order sensitivities of the
covariance matrix.

5 Uncertain Parameters and Unconditional Optimization

Any response quantity x is function of the system parameters u. The random design
parameter uk can be viewed as the superposition of the deterministic mean com-
ponent (�uk) with a zero mean deviatoric component ðDukÞ. Now the Taylor series
expansion of rmsd about its mean value is,

rxi ¼ rxi �ukð Þ þ
Xnv
i¼1

@rxi
@uk

Duk þ 1
2

Xnv
k¼1

Xnv
l¼1

@2rxi
@uk@ul

DukDul þ � � � : ð18Þ

In above, nv is the total number of random variables involve in the problem.
Assuming uncertain variables u are uncorrelated, the quadratic approximation
provides the expected value as:

rxi ¼ rxi �ukð Þ þ
1
2

Xnv
i¼1

@2rxi
@u2k

r2uk ð19Þ

Where, ruk is the standard deviation of ith Gaussain random parameter. It can be
thus noted that the parameter optimization as described by Eq. (12) in Sect. 3 was
conditional due to the fact that the structural and excitation model specified by
u were assumed to be known a priori. Based on this assumption, the threshold
crossing rate was computed using Eq. (10) and subsequently the probability of
failure was evaluated from Eq. (11). However, knowing the conditional second
order information of response quantities, the unconditional response can be
obtained by Taylor series expansion as described in Eq. (19). And, this uncondi-
tional response can be now used to evaluate the unconditional crossing rate using
Eq. (10) and subsequently the unconditional probability of failure using Eq. (11).
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6 Numerical Study

A three storey building with an attached TLCD is undertaken to study the proposed
unconditional reliability based TLCD parameters optimization procedure for
MDOF system. The primary structure has the following mean mass and stiffness
values: ms1 ¼ ms2 ¼ 5:0� 105 kg; ms3 ¼ 4:0� 105 kg; k1 ¼ k2 ¼ k3 ¼ 11:0�
107 N=m. Unless mentioned otherwise, the following nominal values are assumed
for various parameters: structural damping, n0 ¼ 3%, mass ratio, µ = 3 % and
length ratio p = 0.7. The threshold value (β) is taken as 1 % of the storey height. The
storey heights are taken as 3.5 m. The power spectral density (PSD) of the white
noise process at bed rock, S0 is related to the standard deviation €rz of ground

acceleration [19] by: S0 ¼
2nf r2€zb

p 1þ4n2fð Þxf
. For numerical study, the peak ground

acceleration is taken as, PGA = 0.2 g, where ‘g’ is the acceleration due to gravity. It
is assumed that PGA ¼ 3€rzb . The mean value of the filter frequency ðxf Þ and
damping ðnf Þ are taken as 9prad=s and 0.6, respectively. The uncertainties are
considered in k; n0;xf ; nf and S0 and assumed to be independent Gaussian random
variables. The probability of failure computed for unprotected structure (i.e. without
TLCD) considering deterministic system parameters is 0.98.

The variations of optimum tuning ratio and head loss coefficient with increasing
level of randomness of the system parameters represented by respective coefficient
of variation (cov) are shown in Figs. 2 and 3. The associated probability of failure is
depicted in Fig. 4.

The variations of optimum tuning ratio and head loss coefficient with increasing
level damping ratio of the primary structure and for different level of cov of system
parameters are shown in Figs. 5 and 6. The associated probability of failure is
depicted in Fig. 7. It can be observed from these plots that there is a definite and
noticeable change in the damper parameters considering cov of system parameters
with respect to that of a deterministic system. The probability of failure increases as
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the cov increases which indicates that the efficiency of TLCD reduced. It is also
observed that the damper performance is overestimated. It may be observed from
the plots that the effect of uncertainty on damper performance is more for com-
paratively lower structural damping. It may be pointed here that the control devices
are applied typically to mitigate the vibration level of flexible structure having
smaller structural damping. Thus the effect of uncertainty will be a critical issue in
such cases. It can be noted that the response of the structure is comparatively higher
considering parameters uncertainty with respect to deterministic value.

The variation of optimum TLCD parameters and probability of failure with
changing length ratio are shown in Figs. 8, 9, and 10. The changes in the optimum
TLCD parameters and probability of failure are notable for different level of
uncertainty.
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7 Conclusions

The effect of parametric uncertainties in the reliability based design of TLCD
system for control of vibration level of building frame structure subjected to
earthquake loading is presented. The random variability in the design process is
incorporated in the stochastic optimization framework through the total probability
theorem. As expected, the RMSD of the primary system is quite significantly
reduced with increasing mass ratio and damping ratio of the structure. However,
when the system parameters uncertainties are considered, there is a definite change
in the optimal tuning ratio and head loss coefficient of the TLCD yielding a reduced
efficiency of the system. It is clearly demonstrated that though the randomness in
the seismic events dominates, the random variations of the system parameters has a
definite and important role to play in affecting the design. In general, the advantage
of the TLCD system tends to reduce with increasing level of uncertainties. How-
ever, the efficiency is not completely eliminated as it is seen that the probability of
failure of the primary structure is still remains much lower than that of the
unprotected system. In general, the advantage of the TLCD tends to reduce with
increasing level of uncertainties.
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Robust Design of TMD for Vibration
Control of Uncertain Systems Using
Adaptive Response Surface Method

Amit Kumar Rathi and Arunasis Chakraborty

Abstract The effect of randomness in system parameters on robust design of tuned
mass damper (TMD) is examined in this work. For this purpose, mean and standard
deviation based robust design optimization (RDO) scheme is suggested. The per-
formance of TMD is evaluated using the percentage reduction of the root mean
square (RMS) of the output displacement. Adaptive response surface method
(ARSM) is used for the optimization and for the estimation of first two moments. In
this context, moving least square (MLS) based regression technique is used for
better fitting of the response surface. A comparative numerical study is conducted
to show the effectiveness of the proposed method to improve the reliability of the
controller.

Keywords Moving least square � Response surface method � Tuned mass
damper � Vibration control � Uncertain systems

1 Introduction

TMD is a popular passive vibration control mechanism for improving serviceability
of the structure. Generally, it constitutes a spring-mass-damping secondary system
positioned at the desired degree of freedom (DOF) of a main system to absorb the
vibration energy by tuning at the desired natural frequency of the main system.
Initially, for tuning or design of TMD, a two-point method was suggested by Den
Hartog [1] for an undamped system where the frequency response function of
system with TMD invariably passes through two points. Later, studies proposed
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tuning criteria based on standard deviation of time response, frequency response
function, dissipation energy in time response etc. [2]. Also, theoretical close-form
solutions for varying input and tuning criteria were derived for single DOF (SDOF)
with TMD [3, 4].

Once the parameters of the TMD are optimized, the device is left alone to absorb
the vibration energy during operation. However, almost every structure see a
deviation of the parameters (viz. geometric, material, loading etc.) during its con-
struction and service life due to uncertainties. This causes detuning of the TMD
once designed for a particular set of design values of the above mentioned
parameters [5, 6]. Hence, optimization of TMD parameters demands to consider
uncertainties associated with system parameters and loading. Papadimitriou et al.
[7] proposed reliability based TMD design for level crossing. They suggested
incorporation of the random variables in tuning of TMD for better performance.
Marano et al. [8] proposed RDO with multiple objective functions based on min-
imizing mean and standard deviation of the performance function. Their study
shows that objective functions based on mean and standard deviation lead to
conflicting results. Hoang et al. [9] conducted a sensitivity study and concluded that
higher mass of TMD is relatively less sensitive to detuning by system uncertainties.
Chakraborty and Roy [10] proposed reliability based design of TMD for varying
levels of uncertainties. In their study, probability distribution function (PDF) of
random variables were not incorporated. However, they used perturbation approach
to study the sensitivity of the TMD parameters.

From the previous studies, one can conclude that reliability based design of
TMD parameters considering the uncertainties need further research as this ensures
the optimal performance of the controller to avoid detuning in presence of ran-
domness. Although, previous studies have shown the effect of uncertainties on the
performance of TMD, proper modelling of randomness through their PDF and
correlation, if any, demands further attentions. With this is view, present study aims
to investigate RDO of TMD for vibration control of a dynamical system with
uncertain parameters. For this purpose, ARSM is proposed in a MLS framework for
optimization. A SDOF-TMD system with uncertain parameters is considered to
demonstrate the performance of the proposed RDO.

2 Dynamic System and Performance Function

Figure 1 shows the SDOF system attached with a TMD. Here, m, c and k are mass,
damping and stiffness of the system while subscripts �S and �D represents the primary
system and the controller. The displacement u is relative to the support. Input
excitation to the system is through the base acceleration €ugðtÞ. The dynamic
behaviour of the model is represented by
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M u
::ðtÞ þ C _uðtÞ þKuðtÞ ¼ M I €ugðtÞ ð1Þ

In Eq. 1, mass matrix M, damping matrix C and stiffness matrix K represent the
complete system. Overdot in Eq. 1 represents differentiation with respect to time t
and I is the influence vector. On pre-multiplying both sides of Eq. 1 by M�1 and
simplifying one can show that

1 0

0 1

� �
uS
::

tð Þ
uD
::

tð Þ

� �
þ 2ðgSxS þ mrgDxDÞ �2mrgDxD

�2gDxD 2gDxD

� �
_uS tð Þ
_uD tð Þ

� �

þ x2
S þ mrx2

D �mrx2
D

�x2
D x2

D

" #
uSðtÞ
uDðtÞ

� �
¼ 1 0

0 1

� �
1

1

� �
ug
::

tð Þ
ð2Þ

where, xS and gS are the natural frequency and the damping ratio of the primary
system without TMD. Similarly, xD and gD are the natural frequency and the
damping ratio of the TMD unit. Parameters mr and xr in Eq. 2 are the mass ratio
(i.e. mD=mS) and the frequency ratio (i.e. xD=xS), respectively. The frequency
response function H of the system described in Eq. 2 is given by

HðxÞ ¼ � 1 0

0 1

� �
x2 � 2ðgSxS þ mrgDxDÞ �2mrgDxD

�2gDxD 2gDxD

� �
ix

�

� x2
S þ mrx2

D �mrx2
D

�x2
D x2

D

" ##�1 ð3Þ

where, i ¼ ffiffiffiffiffiffiffi�1
p

. In this study, the base excitation €xgðtÞ is modeled as a filtered
white noise whose power spectral density function (PSDF) is given by [11, 12]

Fig. 1 Schematic diagram of SDOF-TMD system with input-output power spectral density
function
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SggðxÞ ¼ So
1þ 2gg

x
xg

� �2

1� x
xg

� �2
� �2

þ 2gg
x
xg

� �2
ð4Þ

The parameters in the above equation So, xg and gg are intensity of the white
noise at bedrock level, ground natural frequency and damping ratio of soil. The
output PSDF SuuðxÞ of the model is given by

SuuðxÞ ¼ H�ðxÞ SggðxÞ HðxÞ ð5Þ

Here, superscript * denotes the conjugate transpose. Since input to the system is
a zero mean process, the output of the linear system will also have zero mean.
Moreover, the RMS value of the response can be evaluated from the PSDF SuuðxÞ.
The RMS value of primary response is given by the area under the auto PSDF as

r ¼

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
2
Z1

0

SuuðxÞ dx

vuuut ð6Þ

Equation 6 may be used to evaluate the RMS value of the primary system with
and without TMD by adequately adjusting the respective terms in Eq. 1. Let rS and
rO be the RMS value of the primary system with and without TMD, respectively.
For optimal performance of the TMD, the ratio of the two RMS values (i.e.
J ¼ rS=rO) is minimized to obtain xr and gD for a given mr. However, a deter-
ministically designed TMD is exposed to detuning as the system parameters are
often random. Therefore, the optimal design of TMD parameters needs to include
the uncertainty present in the system. This sets the objective for the present study.

3 Response Surface Method

In this study, response surface is used to solve the optimization problem. Generally,
meta-modelling is performed by surrogating the original function r xð Þ by a quadratic
polynomial that is often referred as response surface r̂ xð Þ. A typical illustration of the
response surface can be expressed as

r̂ xð Þ ¼ a0 þ a1x1 þ a2x2 þ a11x21 þ a22x22 þ a12x1x2 ð7Þ

where, a0; a1; a2; a11; a22 and a12 are unknown coefficients of the response surface.
Number of these unknown coefficients nc can be evaluated as f1þ nþ nðnþ 1Þ=2g.
Where, n is the number of variables. Estimation of the unknown coefficients are
preformed by solving adequate experimental points in the desired vicinity. Number of
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experimental points ne are selected optimally based on nc and for better fitting
of r̂ xð Þ. Different schemes are proposed in the literature [13] to select ne which is also
called as design of experiment (DOE). In this study, central composite design (CCD)
[14] is used as DOE where ne ¼ 1þ 2nþ 2n. The matrix representation of Eq. 7 can
be expressed as

X a ¼ r ð8Þ

where,

X ¼

1 x1;1 x2;1 x21;1 x22;1 x1;1x2;1

1 x1;2 x2;2 x21;2 x22;2 x1;2x2;2

..

. ..
. ..

. ..
. ..

. ..
.

1 x1;ne x2;ne x21;ne x22;ne x1;nex2;ne

2
66666664

3
77777775
; a ¼

a0
a1

..

.

a12

8>>>><
>>>>:

9>>>>=
>>>>;

and

r ¼

r xð Þ1
r xð Þ2
..
.

r xð Þne

8>>>>><
>>>>>:

9>>>>>=
>>>>>;
:

Further in this study, estimation of a is carried out by moving least square (MLS)
based linear regression analysis which is given by [13]

a ¼ ðXT D XÞ�1 XT D r ð9Þ

where, D is the diagonal matrix containing the weight function dð Þ which is given
by [13]

dðdÞ ¼
�dðdÞPne

i¼1
�dðdÞ ; if d� b

0; if d[ b

(
ð10Þ

In the above equation, d is the Euclidean distance of the experiment points from
an assumed center point and b is the influence radius. Furthermore, the individual
weight function is given by

�dðdÞ ¼
d
b

� �2
þe

	 
�2

� 1þ eð Þ�2

e�2 � ð1þ eÞ�2 ð11Þ

In the above equation, e is assumed as 10�5. Using this MLS based adaptive
response surface, the robust design of TMD is performed in this study which is
described below.
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4 Robust Design Optimization Scheme

Traditionally, TMD is tuned by minimizing different objective functions like H1
norm, H2 norm, RMS value of the primary response among many others. However,
every structural system is exposed to uncertainties not only during its design and
construction phase but also during its entire service life. Therefore, deterministic
design of TMD parameters does not necessarily ensure optimal tuning during
operations. To ensure optimal tuning, present study advocates RDO of TMD
parameters considering the uncertainties associated to the system parameters and
loading. This is achieved by the following constrained robust optimization which is
given as

Minimize :
Subjected to :

JðxÞ
lJ þ #rJ � 1:0
#�#assumed

ð12Þ

where, lJ and rJ are the mean and the standard deviation of J and # is the sigma
level that ensures the reliability. In the above equation, robustness of the design is
addressed by constraint that is evaluated from the first two moments of the objective
function J. In this context, it may be noted that J ¼ 1:0 represents complete
detuning of the controller as rS is equal to rO. The sigma level in the constraint
equation ensure that area in the failure region (i.e. J� 1:0) is less. The mean and
standard deviation at each design point are evaluated from the adaptive response
surface that is fitted by CCD as discussed above. The MLS based ARSM thus helps
in both optimization as well as robustness evaluation. Besides this, the proposed
meta-model based approach does not impose any restriction of the distribution of
random variables as well as the correlation among themselves. The algorithm of the
proposed ARSM based RDO is as follows

Step 1 Generate initial design point x�.
Step 2 Generate ne points using CCD in the vicinity of x� fit r̂ðxÞ using MLS.
Step 3 At each experiment points generated in Step 2, perform simulation to

evaluate lJ and rJ .
Step 4 Using the r̂ðxÞ in Step 2 and the first two moments (i.e. lJ and r2J)

perform gradient based optimization to identify the new design point x�.
Step 5 Repeat Step 2–4 with the new design point x� and reducing the search

domain by 20 % until convergence is achieved. The convergence criteria
is jJðx�Þit�1 � Jðx�Þitj � e, where it is current iteration and e is
permissible error, generally considered as 0.1 %.

Using the above mentioned algorithm, a numerical analysis is preformed to
study the robust design of TMD.
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5 Results and Discussion

The robust optimization of TMD parameters in presence of uncertainty is considered
in this section for numerical analysis. Three different cases of optimization are
solved to compare the efficiency of the proposed RDO of TMD. These are—(a)
minimizing JðxÞwhere there is no uncertainty (i.e. conventional design of TMD), (b)
minimizing mean of JðxÞ when system parameters are random and (c) constrained
RDO as in Eq. 12 when system parameters are random. The natural frequency of the
primary system and ground are assumed to be uniformly distributed random vari-
ables with mean values 10 and 4p rad/s, respectively. Three different levels of
variations are considered with coefficient of variation (COV) 10, 20 and 30 %.
Although, the random variables are assumed to be uncorrelated uniform, the for-
mulation does not impose any restriction on the type and nature of the random
variables. The other parameters of the primary system and Kanai-Tajimi spectrum
are assumed to be gS ¼ 2%, gg ¼ 40% and So ¼ 0:020 m2=s3. The mass ratio is
varied from 1 to 5 % for all the cases while the search domain for optimal parameters
xr and gD are restricted to [0.6 1.2] and [0 0.4], respectively to avoid computation
cost in infeasible domain. To ensure improvement in reliability of the system, the
sigma level #assumed in the constraint function (in Eq. 12) is considered to be 3.0.
Using these values, optimization for three different models are carried out using
ARSM as described in the previous section. For this purpose, b in Eq. 10 is con-
sidered to be 0.7211. The experiment points for ARSM are generated using CCD.
The distance between the extreme points are reduced by 20 % in each successive
iterations to achieve faster convergence.

The optimized design results are presented in Figs. 2 and 3, where conventional
design optimization, RDO by minimizing mean and the proposed constraint RDO
are presented. In Fig. 2, the design value of xr as per conventional optimization
decreases with increase in mr. This is caused by decrease in natural frequency of the
two DOF model in Fig. 1 due to increase in mass of TMD thereby decreasing the
tuning value of xr. Similar observations can be noticed for the design value xr from
the other two models. The effect of uncertainty is evident in the RDO design as the
design value shifts from the conventional design. With increase in level of uncer-
tainties (i.e. COV = 20 and 30 %) the difference between the designs widen with
increase in mr. However, the design point optimized by the proposed RDO has fixed
reliability factor. Consequently, this makes the design point sensitive to the amount
of uncertainties. Figure 2a shows less significant change in the design value of xr for
all the three optimization cases. This phenomenon is obvious as the uncertainty is
low and the design is likely to be deterministic. When the level of uncertainties are
increased to 20 and 30 % (see Fig. 2b, c, respectively), the difference in the design
points is observed as the # attained is more compared to that achieved by the
conventional optimization and the mean minimizing RDO (refer Tables 1 and 2).
Again for the case of COV = 20 % and above, the design points as per the proposed
RDO shows an initial rise in xr with increase in mr. Furthermore increase in mass
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improves the reliability and thus, the design point follows the trend of the other
designs.

In Fig. 3, the deterministic design shows a gentle increase with increasing mass
of TMD and the RDO design obtained by minimizing mean has increasing trend
too. But the effect of uncertainties causes higher optimal gD up to 24.5 %. On
comparing these two designs, it is obvious that the gD is sensitive to uncertainty in
the system variables. The proposed RDO improves the reliability of TMD perfor-
mance which influences the design of gD. In Fig. 3, the design points with lower mr

(say 1 and 2 %) corresponding to the proposed RDO is higher as compared to the
other design values. The proposed optimization is governed by the constraint
function to achieve desired reliability. Further increase in mr shows a decreased
difference in the designs of the proposed one and the others because desired reli-
ability can be achieved at lower gD value. Similar trend is followed under all the
three different COV. But in case of uncertainty of 30 %, the demand increases up to
3 % of mr and then decreases as per the aforementioned reasons. It is clear from the
above discussion that the design value of TMD parameters xr and gD are sensitive
when uncertainty is present.

Figure 4 shows the mean of TMD performance function at the design points
presented in Figs. 2 and 3. Obviously, lJ is least for the mean minimizing robust

Fig. 2 Comparison of the design frequency ratio value by different optimizations with
uncertainties a 10 %, b 20 % and c 30 %
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design. Increase in uncertainties gives higher difference in mean by the proposed
robust design and conventional design with respect to the minimized mean. But
the overall variation is not significant. Hence, the design points from all the
three optimizations have less significant effect on the mean lJ as shown in Fig. 4.

Fig. 3 Design value of TMD damping ratio evaluated by different optimizations with
uncertainties a 10 %, b 20 % and c 30 %

Table 1 Comparison of
sigma level # by three
different design optimizations
for uncertainties = 20 %

mr
a Conv. opt. RDO min lJð Þ RDO proposed

0.01 1.4052 1.9759 4.1613

0.02 1.8897 2.9493 4.7698
a For cases where either Conv. Opt. or RDO min Jð Þ have
achieved # more or equal to the assumed is not included in results

Table 2 Improvement in
sigma level # for
uncertainties = 30 %

mr
a Conv. Opt. RDO min lJð Þ RDO proposed

0.01 0.9870 1.4261 3.5509

0.02 1.2533 1.9925 3.7075

0.03 1.4518 2.4211 4.0190

0.04 1.6127 2.7892 3.7188
a For cases where either Conv. Opt. or RDO min Jð Þ have
achieved # more or equal to the assumed is not included in results
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On the contrary, standard deviation is sensitive to the design (refer Fig. 5). Standard
deviation of performance function, rJ from the conventional design has the highest
value because the probability distribution of the output (i.e. J) is widest as compared
to the two robust designs. The effect on rJ is more severe when uncertainties are
high, see Fig. 5b, c. The mean minimizing RDO reduces rJ by decreasing xr and
increasing gD, thus making the PDF narrower that eventually improves sigma level
(see Tables 1 and 2). It is also worth noticing that in this two DOF model, the mean
and standard deviation of the TMD performance function cannot be minimized
simultaneously. For an nearly invariant mean lJ , the shape of the PDF of J is
governed by rJ . Thus, making its implementation critical during the operation which
is described in the Eq. 12. This helps to attain relatively lower rJ under the proposed
RDO. The improvement of rJ is prominent due to higher gD where the detuning
effect is low. The same can be reflected for # in Tables 1 and 2. Thus from the above
discussion one can notice the role of damping of TMD is vital in overall performance
of controller especially under random system parameters. The proposed RDO of
TMD parameter helps to avoid detuning during its operation as the sigma level of the
performance is increased significantly.

Fig. 4 Mean of TMD performance function with uncertainties a 10 %, b 20 % and c 30 % at the
optimized designs
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6 Conclusions

A two-level ARSM based RDO of the TMD is proposed in this study. Where the
optimization and the effect of randomness of the system parameters are dealt
separately by fitting response surfaces. The optimization of the TMD parameters
(viz. natural frequency and damping ratio) is solved iteratively by ARSM which
then satisfies the constraint condition to ensure robustness. To illustrate its appli-
cation, a SDOF-TMD model is solved. A comparative study is conducted between
deterministic design where the performance function is minimized without con-
sidering uncertainties and robust design by minimizing the mean and the standard
deviation of the performance function. Based on the numerical study following
observations are made

• The TMD parameters (i.e. frequency ratio and damping) are significantly
affected by the uncertainties in the system. In this context, the proposed RDO of
TMD ensures the reliability in response reduction by achieving the desired
sigma level in optimization.

• Mass ratio significantly affect the overall performance of the TMD. Increase in
mass ratio reduces the adverse effect of detuning due to uncertainty as it absorbs
more energy.

Fig. 5 Variation in standard deviation of TMD performance from different optimizations with
varying uncertainties—a 10 %, b 20 % and c 30 %
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• The role of damping in TMD is critical on overall performance of controller.
Increase in TMD damping reduces the effect of uncertainties by decreasing the
variance of performance function.

• As the uncertainty level increases, conventional optimization shows significant
detuning of the controller which is reflected in the variance of the primary
response. Hence, it justifies the use of RDO in tuning the controller in presence
of uncertainties. The modified tuning parameters show significant decrease in
variance thereby increasing the effectiveness of the controller.

• Use of meta-modelling in optimization and estimating of statistical moments
(mean and standard deviation) helps in significant reduction in number of per-
formance function evaluations. For complex finite element (FE) models, this
will reduce the overall cost of computation and thus, justifies the use of ARSM.

• The proposed method is applicable to any probability distribution or correlation
of random variables. It can be adopted for RDO based tuning of other passive
control devices.
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A Hybrid Approach for Solution
of Fokker-Planck Equation

Souvik Chakraborty and Rajib Chowdhury

Abstract Quantification of response statistics of non-linear systems subjected to
harmonic, parametric and random excitation is of great importance in the field of
stochastic dynamics. It is a well-known fact that probability density function of the
stochastic response of non-linear systems subjected to white and coloured noise
excitation is governed by both forward Fokker-Planck (FP) and backward
Kolmogorov equations. This paper presents a novel approach, referred here as
recursive decomposition method (RDM), for the solution of FP equation. The
proposed approach decomposes the solution into number of component functions
and determines the component functions in a recursive way. Unlike some of the
traditional techniques, where the solutions are obtained at grid points, RDM yields
the solution in a series form. Three examples illustrate the proposed approach for
the solution of FP equation.

Keywords Backward Kolmogorov equation � Fokker-Planck equation � Hybrid
approach � Recursive decomposition

1 Introduction

Response of dynamic systems subjected to stochastic excitation has been a topic of
interest for a number of years. It is a well-known fact that if the system is linear and
the excitation is Gaussian, the output is also Gaussian [1–3]. Solution of such
dynamic system is comparatively easier. Even for linear systems subjected to non-
Gaussian excitation, the response can be approximated as Gaussian. Conversely,
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nonlinear systems give rise to non-Gaussian responses [4, 5], solution of which is
non-trivial and complicated.

It is well-known that the response statistics of dynamical systems subjected to
Gaussian white noise may be calculated by solving the appropriate Fokker-Planck
(FP) equation [6–9]. However, exact solutions for the FP equation are available for
few linear systems [10, 11], scalar systems [12] and some multi-dimensional
conservative systems [4]. For this reason several approximate techniques have been
developed such as finite element method [6, 13], finite difference method [6],
weighted residuals scheme [14–16], maximum entropy based methods [17] and the
path integral methods [9, 18–20]. However all the method require large computa-
tional resources, specifically for computing the tail probabilities [21, 22].

Another class of approximation method, known as Moment Closure Method
(MCM) [23–25], is based on the theory of diffusion process and on Ito stochastic
differential calculus which predicts probability density function (PDF) of response
based on moments or equivalent terms, known as cumulants and quasi-moments. In
order to overcome the infinite hierarchy of coupled moment equations, various
closure approximations are introduced. However, with increase in the order of
closure, the complexity of the moment equations increases drastically.

The above limitations are not shared by equivalent linearization method (EQL)
[26–28], making it a popular choice among researchers. In this method, the original
non-linear system is replaced by an equivalent linear system. Parameters of the
linear system are determined by minimizing the difference between the two sys-
tems, i.e., the original and the equivalent linear system, in some statistical sense.
The main advantage of ELM lies in its versatility and applicability. However, ELM
yields accurate results only for system having a low degree of nonlinearity. Other
methods for non-linear stochastic dynamic includes Monte Carlo simulation (MCS)
[29], first-order reliability method [30–32], Bayesian emulators [33], neural net-
work [34], etc.

This paper presents a novel approach, referred here as recursive decomposition
method (RDM) [35], for solution of the FP equations for some nonlinear systems
subjected to stochastic excitation. Compared to other available techniques, RDM
has several advantages. Firstly, it can handle both linear and nonlinear FP equation
without the need for any linearization or discretization. Secondly, unlike some
conventional method which provide solution at nodal points, RDM provides an
explicit solution. Thirdly, it avoids perturbation in order to find solution if given
equations are nonlinear. Furthermore, the calculations for RDM is minimal.

The paper is presented in five sections including this introductory section.
Section 2 provides the problem set up for nonlinear stochastic dynamic problems.
The basic idea of RDM is presented in Sect. 3. Section 4 illustrates the RDM in
solution of FP equations. Finally the paper is concluded in Sect. 5.
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2 Problem Setup

Let us consider a N degree of freedom system with the nodal displacement
u tð Þ ¼ u1 tð Þ; u2 tð Þ; . . .; uN tð Þ½ �T : X ! RN . Assuming a state vector Z tð Þ ¼ u tð ÞT ;�
_u tð ÞT �, where dot denotes time derivation. The equation of motion of the above
described system can be written as

_Z tð Þ ¼ b Z tð Þð Þ þG Z tð Þð ÞW tð Þ ð1Þ

where, Z is an RN valued stochastic process. b Z tð Þð Þ and G Z tð Þð Þ are the drift and
diffusion matrix, respectively. W tð Þ represents the random excitation which is often
modelled as white noise, i.e.,

Wi tð Þh i ¼ Wj tð Þ
� � ¼ 0; Wi t1ð ÞWj t2ð Þ� � ¼ 2rid sð Þ

Wi tð ÞWj tð Þ
� � ¼ 0 and s ¼ t2 � t1

ð2Þ

where, �h i denotes expectation operator. ri is the spectral density of ith excitation
and d sð Þ is Dirac delta function. The FP equation for aforementioned system is
given as [36]

@p
dt

¼ �
XN
i¼1

@ bi Zð Þp½ �
@zi

þ
XN
i¼1

XN
j¼1

@2 hij Zð Þp� �
@zi@zj

ð3Þ

where, hij is the ijth element of the matrix H Zð Þ ¼ G Z tð Þð Þ:r:GT Z tð Þð Þ and p is the
transition PDF of Z tð Þ.

3 Recursive Decomposition Method

Let us introduce an operator L such that

Lt ¼ @

@t
ð4Þ

and

LFP ¼ �
XN
i¼1

@

@zi
bi Zð Þ þ

XN
i¼1

XN
j¼1

@2hij Zð Þ
@zi@zj

: ð5Þ
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Rewriting Eq. (3) in operator form, we obtain

Lt pð Þ ¼ LFP pð Þ: ð6Þ

Now assuming that there exists an inverse operator L�1
t such that

L�1
t ¼

Z t

0

�ð Þds: ð7Þ

We can write

L�1
t Lt pð Þ ¼ L�1

t LFP pð Þ: ð8Þ

Now considering initial value to be p 0ð Þ, we obtain

p� p 0ð Þ ¼ L�1
t LFP pð Þ ð9Þ

and thus

p ¼ p 0ð Þ þ L�1
t LFP pð Þ: ð10Þ

We next decompose p as

p ¼ p 0ð Þ þ lim
n!1

Xn
i¼1

pi : ð11Þ

Replacing p from Eq. (11) in Eq. (10), we obtain

p ¼ p 0ð Þ þ L�1
t LFP p 0ð Þ þ lim

n!1

Xn
i¼1

pi

 !
: ð12Þ

From Eq. (12), we obtain

pnþ1 ¼ L�1
t LFP pnð Þ; n� 0: ð13Þ

Remark 1 RDM yields a close form solution if there exists an exact solution for the
FP equation under consideration.

Remark 2 RDM yields a solution of FP equation based on the initial condition
only. Unlike other traditional techniques which provide result at grid points only,
RDM yields an explicit solution.

Remark 3 If determination of exact values of the components become impossible,
we resort to numerical methods to determine the components.
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4 Numerical Examples

Implementation of proposed approach have been illustrated with three examples.
The first example is a simple FP equation with known analytical solution. This
provides a definite overviews of the proposed approach. The second and third
example illustrates the applicability of proposed approach for solving nonlinear
stochastic dynamic problems. Result obtained compare well with MCS.

4.1 An Analytical Problem

In this example we consider the FP equation described in Eq. (3) with n ¼ 2 and
b1 ¼ u1; b2 ¼ 5u2; h11 ¼ u21; h12 ¼ h21 ¼ 1 and h22 ¼ u22. We further consider
the initial condition to be p 0ð Þ ¼ u1.

Using RDM we have

pnþ1 ¼ L�1
t LFP pnð Þ; n� 0: ð14Þ

We, therefore, have

p1 ¼ L�1
t LFP p0ð Þ ¼ u1t ð15Þ

p2 ¼ L�1
t LFP p1ð Þ ¼ u1

t2

2!
ð16Þ

..

.

pn ¼ u1
tn

n!
: ð17Þ

Combing Eqs. (14)–(17), we obtain

p ¼ lim
n!1 u1 þ u1t þ u1

t2

2!
þ � � � þ u1

tn

n!

� �

¼ u1 lim
n!1 1þ t þ t2

2!
þ � � � þ tn

n!

� �
:

¼ u1e
t

ð18Þ

Equation (18) represents the closed form solution of FP equation under
discussion.
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4.2 Linear Oscillator

In this example, we have considered a linear oscillator of the following form:

dxt ¼ b xtð Þdt þKdWt ð19Þ

where,

b xtð Þ ¼ x2
�2gx0x2 � x0x21

� 	
: ð20Þ

We assume g ¼ 0:05; x0 ¼ 1 and K ¼ 0 1½ �T . W is modelled as Gaussian
white noise with spectral density D ¼ 0:1. The initial condition is assumed to be
binormal with lx1 ¼ lx2 ¼ 5 and rx1 ¼ rx2 ¼ 1

3.
Figure 1 shows the stationary joint PDF of response as obtained from RDM. As

expected the PDF is binormal. Figure 2 shows a cross section of stationary PDF at
x2 ¼ 0. It is observed that the result obtained are in excellent agreement with exact
solution.

4.3 Bouc-Wen Oscillator [37]

Bouc-Wen oscillator is a hysteretic oscillator governed by the differential equation

mu
::
tð Þ þ c _u tð Þ þ k a _u tð Þ þ 1� að ÞZ tð Þ½ � ¼ F tð Þ

_Z tð Þ ¼ �d _u tð Þj j Z tð Þj jr�1Z tð Þ � c Z tð Þj jr _u tð Þ þ A _u tð Þ ð21Þ

where,m; c and k are mass, damping and stiffness respectively. While the parameters
r;A; c and d controls the shape of hysteresis loop, a controls the degree of hysteresis.

Fig. 1 Stationary PDF of
linear oscillator obtained
using RDM
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The external excitation F tð Þ is considered to be the force generated due to acceler-
ation ag tð Þ and is defined as F tð Þ ¼ �mag tð Þ, where ag tð Þ is modelled as Gaussian
white noise. We consider m ¼ 3� 105 kg, c ¼ 1:5� 102 kNs=m and
k ¼ 2:1� 104 kN=m. Considering mean square response of the linear system,
obtained at a ¼ 1, to be r0 ¼ m2pS



ck

� �
, d and c are defined as 1=2r0. We further

consider a ¼ 0:5; r ¼ 3 ;A ¼ 1 and H ¼ 0:1. The result obtained is benchmarked
against MCS result.

Figure 3 shows the PDF of response as obtained RDM and MCS with Ns ¼ 105,
where Ns denotes number of realizations. Excellent agreement among results
obtained from RDM and MCS is observed.

Fig. 2 Marginal PDF of
displacement obtained using
RDM. The result is in
excellent agreement with
exact solution

Fig. 3 PDF of displacement
response of Bouc-Wen
oscillator [36] obtained using
RDM
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5 Conclusion

A novel approach, referred here as recursive decomposition method (RDM), for
solution of Fokker-Planck equation has been presented. RDM determines an exact
solution of the FP equation based on initial condition only. Unlike traditional
methods, this method does not require any discretization and requires minimal
calculation. Furthermore, RDM is implemented directly without the need for any
linearization or perturbation.

Implementation of the proposed approach has been illustrated with three
examples. Results obtained are in excellent agreement with other results. In fact, the
proposed approach yields exact solution for problems having a closed form solution
as shown in the first problem. Moreover, the amount of calculation requirement is
also minimal.
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On Parameter Estimation of Linear Time
Invariant (LTI) Systems Using Bootstrap
Filters

Anshul Goyal and Arunasis Chakraborty

Abstract In this paper, sequential Markov Chain Monte Carlo (MCMC) simulation
based algorithm (aka Particle Filter) is used for parameter estimation of a three storied
shear building model subjected to recorded earthquake ground motions with different
non-stationary features (i.e. pga, strong motion durations, amplitude and frequency
content). The forward problem is solved using time integration schemes and synthetic
measurements are generated by adding simulated zero mean Gaussian noise. Using
these synthetic data, stiffness and damping values are identified at different degrees of
freedom (dof). Initially, random values (i.e. particles) of these parameters are gen-
erated from a pre-selected probability distribution function (e.g. uniform distribution).
Each particle is then passed through the model equation and the state is updated using
the measurement at each time step. A weight is then assigned to each particle by
evaluating their likelihood to the measurement. Once the likelihoods for all particles
are evaluated, the new samples for the next iteration are drawn from the simulated
initial pool of particles as per the estimated likelihoods. For this purpose, four dif-
ferent re-sampling strategies (e.g. simple, wheel, systematic and stratified) are used to
test their relative performance. The performances of the re-sampling algorithms are
compared on the basis on number of convergence steps, computational time and the
accuracy of the identified parameters. The efficiency of the Bootstrap identification
algorithm is also discussed in the light of noise contamination of different intensity.

Keywords Bootstrap filters � Likelihood function � Markov chain � Monte Carlo
simulation � Particle filter

A. Goyal (&) � A. Chakraborty
Department of Civil Engineering, Indian Institute of Technology Guwahati,
Guwahati, Assam 781039, India
e-mail: anshul.goyal@iitg.ernet.in

A. Chakraborty
e-mail: arunasis@iitg.ernet.in

© Springer India 2015
V. Matsagar (ed.), Advances in Structural Engineering,
DOI 10.1007/978-81-322-2193-7_117

1529



1 Introduction

Assessment of structural health primarily involves developing a mathematical
model of the structure whose parameters are to be estimated from the measure-
ments. This constitute an important class of problem known as the “inverse prob-
lem”, where the task is to estimate the structural parameters based on the recorded
vibration measurement of structure using sensors placed at appropriate locations.
This is broadly known as System identification. Its main application is in structural
vibration control and health monitoring [1]. The first step of system identification is
to determine an appropriate form of model which is typically a differential equation
of certain order. The next step is to estimate the unknown parameters using several
statistical approaches. The model thus obtained is tested to determine whether it is
an appropriate representation of the actual system. If the model fails, a more
complex model is chosen and the process is repeated. There are several methods
used for identification of structural systems [2]. The present paper discusses the
application of Bootstrap Filter (BF) for parameter estimation of a three story shear
building model. It starts with a background on dynamic state estimation and
recursive Bayesian model updating. After this mathematical formulation, the
algorithm for Bootstrap filter is given. The paper ends with numerical results and
conclusions.

1.1 Recursive Bayesian Filtering

State estimation is the process of using dynamic data from a system to estimate the
quantities that give a complete description of the state according to some repre-
sentative model of it. The ability to estimate the system state in real time is useful
for efficient monitoring and control of the structures. However, models of physical
system always have uncertainties associated with them. These may be due to the
approximations while modeling the system or due to the noisy measurements by the
sensors. Hence, obtaining the parameters of the system optimally out of the limited
noise corrupted data is a challenge. The governing equation of the system can be
written as

x tð Þ ¼ q P tð Þ; tð Þ ð1Þ

where, x(t) is the response of the structure when an input force P(t) is applied to the
system and q(·) relates the input to the output. Since the measurements are available
at discrete time steps, it becomes obvious to discretize the above model equation as

Xkþ1 ¼ qkðxk;wkÞ ð2Þ
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where, xk represents the state of the system at time t = k; xk+1 represents predicted
state at time t = k + 1 and wt represents the zero mean Gaussian model noise. The
discretized measurement equation can be written as

yk ¼ hkðxk; vkÞ ð3Þ

where, yk is the measurement at time t = k corresponding to the state xk and vk is the
measurement noise similar to the model noise. The model and the measurement
noise are assumed to be uncorrelated. The measurements from the sensors are
sampled at a particular rate and can be denoted as a vector

Mk ¼ y1; y2; . . .; yk½ � ð4Þ

The objective of this formulation is to estimate the true hidden discrete states xk
of the system based on the observed states yk. Due to the presence of uncertainties
in the model and measurement, this determination is probabilistic with an aim of
estimating the statistics of the true state xk given as

l ¼
Z

xkp xkjMkð Þdxk ð5aÞ

r ¼
Z

xk � lð ÞT xk � lð Þp xkjMkð Þdxk ð5bÞ

where, l and r are the first and the second moment of the pdf of p(xk|Mk)
respectively. The next task is to estimate the pdf p(xk|Mk) which is done using
sequential Bayesian filtering. Bayesian filtering uses the prior knowledge of the
system to generate the posterior distribution of the states at the next time instance
once the measurement data becomes available. The recursive relationship between
the pdf of the present state and the previous estimate can be expressed as

pðx0:kjy0:kÞ ¼ q½pðx0:k�1jy0:k�1Þ; yk�: ð6Þ

In this process, two assumptions are made to derive the recursive Bayesian rela-
tion. The first one is that the states follow the first order Markov process (i.e. the next
state depends only upon the current state rather than on the entire history of the state).

pðxkjx0:k�1Þ ¼ pðxkjxk�1Þ: ð7Þ

The second assumption is that the current observation depends upon the current
state only

pðykjxk; . . .Þ ¼ pðykjxkÞ: ð8Þ
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Now using Bayes’ rule one gets

p x0:kjy0:kð Þ ¼ pðy0:kjx0:kÞpðx0:kÞ
pðy0:kÞ : ð9Þ

Using Eqs. 7 and 8 in the above equation, the recursive relation for Bayesian
filtering is given by

p x0:kjy0:kð Þ ¼ p xkjxk�1ð Þp ykjxkð Þ
p ykjy0:k�1ð Þ pðx0:k�1jy0:k�1Þ: ð10Þ

Here, p(xk|xk−1) can be derived from the process Eq. 2. In presence of model
uncertainty wk

p xkjxk�1ð Þ ¼
Z

p xkjxk�1;wk�1ð Þp wk�1jxk�1ð Þdwk�1: ð11Þ

Since, wk is independent of the state, it can be written as

pðwk�1jxk�1Þ ¼ pðwk�1Þ: ð12Þ

Therefore, the normalizing pdf in Eq. 10 are given by

pðykjy0:k�1Þ ¼
Z

pðykjxkÞpðxkjyk�1Þdxk ð13aÞ

pðykjxkÞ ¼
Z

pðykjxk; vkÞpðvkÞdvk: ð13bÞ

1.2 Particle Filter

Particle filtering is a general Monte Carlo sampling method for performing infer-
ence in state-space models where the state of a system evolves in time. Information
about the state is obtained from noisy measurements made at each time step. The
method has advantage as it is not subjected to the constraints of linearity and
Gaussianity [3, 4]. It also has appealing convergence properties. Several variants of
particle filters are available in the literature e.g. Sequential Importance Sampling
(SIS), Sequential Importance Resampling (SIR) and Bootstrap Filter (BF). This
paper discusses the Bootstrap filter and implementation of several resampling
strategies for tackling degeneracy of the algorithm due to skewness of particle
weights.
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Particle filter generate a set of samples that approximate the filtering distribution
p(xk|y0, y1,…, yk) also known as the posterior distribution. Therefore, the expec-
tation with respect to this posterior distribution can be approximated by N number
of discrete particles as

Z
q xkð Þp xkjy0; y1; . . .; ykð Þdxk � 1

N

XN
i¼1

qðxikÞ: ð14Þ

However, it may not be easy and beneficial to sample each time from the
posterior distribution and hence samples from an importance distribution is chosen
such that

Z
q xkð Þp xkjy0; y1; . . .; ykð Þdxk �

XN
i¼1

q xik
� �

wi
k ð15Þ

where, xik is simulated from the importance distribution with wi
k as the weight of the

corresponding ith particle. This is known as Importance Sampling. The importance

weights are can be written as the ratio of p x0:k jy0:kð Þ
q x0:k jy0:kð Þ. Therefore, from Eq. 10 it can be

written as

wi
k /

pðykjxikÞpðxikjxik�1Þpðxi0:k�1jy1:k�1Þ
qðxi0:kjy1:kÞ

ð16Þ

where, q xi0:kjy1:k
� �

is the proposal importance density function and wi
k is the

importance weight of the ith particle at the kth time instant. Thus the recursive
importance weights can be written as

wi
k /

p ykjxik
� �

p xikjxik�1

� �
q xikjxi0:k�1; y1:k
� � wi

k�1: ð17Þ

Equation 17 forms the basis of SIS, SIR and BF. One of the major problems
associated with SIS filter is the degeneracy where all the particles have negligible
weight except one particle after few iterations. The variance of the importance
weights increases with time and it becomes impossible to control the degeneracy
phenomenon. A suitable measure of the degeneracy of the algorithm is the effective
sample size as proposed by Gordon [3]. There are two ways to counter this
problem:

1. Good choice of Importance density: This involves choosing the importance
density such that the variance in importance weights can be reduced and the
value of effective sample size increases.

2. Resampling: It is incorporated exclusively in Bootstrap Filter. Here, multiple
copies of the best particles are formed while the sample size remains same in
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each iteration. Resampling ensures that particles with larger weights are more
likely to be preserved than particles with smaller weights. Although the
resampling solves the degeneracy, but it introduces sample impoverishment.
The present study provides a comparative study among the traditional resam-
pling algorithms viz. simple, wheel, systematic and stratified. The details of
these algorithm is omitted here. However, one may refer Haug [4] for the details
of these resampling strategy and their numerical implementation.

2 Problem Formulation

We consider the problem of identifying the stiffness and damping at each of the
floor levels of a three story shear building model using the Bootstrap Particle filter
algorithm. The natural frequency is calculated by solving the eigen value problem
involving mass and stiffness matrix. Assuming the structure to be linear, the
equation of motion is given by

m z
::
tð Þ þ c_z tð Þ þ kz tð Þ ¼ FðtÞ: ð18Þ

where, m is the mass matrix, c is the damping matrix, k is the stiffness matrix,
F(t) is the time varying excitation and z tð Þ, _z tð Þ and z

::ðtÞ are respectively the dis-
placement, velocity and acceleration of the floors. The discretized model and the
measurement equations can be written as

wkþ1 ¼ wk þ wk ð19aÞ

Yk ¼ hk wkð Þ þ vk ð19bÞ

where, ψk is the augmented state vector with parameters to be identified. Using
these models, following algorithm is adopted for parameter estimation:

1. It starts with simulating N samples for all the parameters to be identified (ψ0),
from the assumed pdf of ψ0 at the time instant t = 0. The random particles are
generated in a suitable domain identified by the upper and the lower bounds.
These are also known as the prior estimates.

2. The next step involves solving N linear forward problems, using Eq. 19a cor-
responding to each of the prior estimate ψk−1.The forward problems are solved
using the direct time integration scheme.

3. The predicted values obtained from step 2 are compared to the measurement
values. The measurements are either available through sensor recordings or
generated synthetically. We have considered synthetic measurements in the
present study.

4. The comparison between the predicted values and the measurement is made
using the likelihood function p(yk|xk) at time t = k. The likelihood function is
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modeled as the normal distribution centered about the measurement with a small
value of standard deviation. Thus, each particle propagated at t = k is weighted.

5. The weights are normalized and then passed through the resampling algorithms.
Thus, these normalized weights constitute the discrete probability mass function
for the next iteration.

6. The mean and standard deviation of the estimates are calculated over the
ensemble and the process is repeated for the next time step, t = k + 1.

3 Numerical Results and Discussions

Figure 1 shows the schematic diagram of a three story shear building model used in
this study. The mass at each floor is assumed to be 15.2 kg while the stiffness at
those levels are 41987, 76842 and 74812 N/m respectively. Using these values one
can estimate the natural frequencies which are 4.1565, 12.8093 and 19.8511 Hz.
Figure 2 shows the recorded ground motions of El-Centro and Loma Prieta
earthquake used in this study. Using these ground motions, forward problems are
simulated and the responses are shown in Fig. 3. These response serve as the
synthetic measurement in this study. Using these synthetic data, BF algorithm as
describe in the previous section is used for identification.

The inverse problem starts with simulating random values from the uniform
distribution for the parameters to be identified. Here, we simulate random values for
stiffness and damping at all the floor levels. The domain over which the stiffness
values are simulated is between 10,000–90,000 N/m and the damping values are

Fig. 1 Schematic 3DOF
system
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between 0–50 N-s/m. The number of values generated at t = 0 are 100. This number
remains constant for each and every iteration of the algorithm. Using these samples,
forward problem as described in Eq. 19a are solved for the next time step and the
likelihood with respect to measurement are evaluated. Normal distribution has been
used to calculate the likelihoods (i.e. the weights) of the particles with error
covariance been chosen as 0.001. Using the weights, new particles are resampled
from the initial generated pool. The process is continued till the end. Figure 4 shows
the identified values of parameters using Bootstrap Filter. It may be observed that
different resampling strategies converge as more and more measurement are
available that helps to upgrade the likelihood. Figure 5 shows the standard deviation
of the samples at different time. As the stiffness and damping parameters converge
to their respective values, the standard deviation of the samples reduced to zero.
The statistical fluctuations die out once the parameters are identified and the
standard deviation becomes zero. Figure 6 shows the estimated state of the system.
It may be observed that the two states match closely with each other indicating the
convergence of the Bootstrap algorithm. In this context, mean value of the
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identified parameters are used to estimate the state of the systems. Figure 7 shows
the mode shapes in first three modes of the original and the identified systems. A
close match is observed in all three cases which, in turn, proves the accuracy of the
Bootstrap based identification strategy. Table 1 shows the ratio of the original
values and identified values of the stiffness and damping at different dof for different
particle size. It also shows the estimated natural frequency in these modes for each
case. The estimation of parameters becomes more accurate by increasing the
number of particles but the computational time increases. Several resampling
algorithms have been compared based on the percentage error in the values iden-
tified as well as the time steps required to attain the convergence. These are simple,
wheel, systematic and stratified. The robustness of the algorithm is clearly depicted
in Tables 2, 3 and 4, for different earthquakes. Table 1 shows the effect on ratio of
identified values to original values by increasing the number of particles from 100
to 1,000. Here, it is noteworthy to mention that the computational time also
increases with particle size. However, with generation of more and more samples
the probability of obtaining near accurate values increases. The sensitivity analysis
for different SNR (signal to noise ratio) has been performed for both El-Centro and
Loma Prieta earthquake as shown in Table 2. The results show that Bootstrap filter
is robust even for low SNR values. Tables 3 and 4 show the accuracy of the
different resampling strategies to identify the parameters. The results in these two

0 5 10 15 20 25 30 35 40
−1

0

1
ü
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tables suggest that systematic and stratified resampling algorithms give better
estimate of the parameters. However, the other two resampling algorithms (i.e.
wheel and simple) converge at a much faster rate.
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Fig. 7 Mode shape of the original and identified system for El-Centro earthquake

Table 1 Effect on number of particles on estimation of parameters and frequency

No. of
particles

Ratio of identified to original value Identified frequency
(Hz)

k1 k2 k3 c1 c2 c3 f1 f2 f3
100 1.04 0.90 1.00 0.30 0.78 1.21 4.16 12.72 19.37

500 1.00 0.95 1.01 0.45 0.75 1.02 4.14 12.78 19.66

1,000 1.03 0.96 1.01 1.93 1.32 0.70 4.18 12.95 19.86

Table 2 Sensitivity analysis due to addition of noise with different SNR

Earthquake SNR Ratio of identified parameters to original

k1 k2 k3 c1 c2 c3
El-Centro No noise 1.036 0.904 1.004 0.300 0.771 1.205

0.005 1.036 0.904 1.004 0.300 0.771 1.205

0.050 1.036 0.904 1.004 0.300 0.771 1.205

0.010 1.036 0.904 1.004 0.300 0.771 1.205

Loma Prieta No noise 1.036 0.904 1.004 0.300 0.771 1.205

0.005 1.036 0.904 1.004 0.300 0.771 1.205

0.050 1.036 0.904 1.004 0.300 0.771 1.205

0.010 1.036 0.904 1.004 0.300 0.771 1.205
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4 Conclusions

In this paper, implementation of Bootstrap algorithm to identify linear time
invariant (LTI) systems subjected to a non-stationary earthquake signal has been
discussed. The advantage of using the particle based approach is that it is robust to
pick the best value among the samples generated at t = 0. The comparative study of
the resampling algorithms clearly suggests that stratified and systematic resampling
algorithms give better estimates than simple and wheel. However, the number of
convergence steps for them are more. With increase in number of particles, the
algorithm may provide better estimates. Besides this, the algorithm is robust for low
SNR values. Theoretically the algorithm can be extended to n unknowns but the
computational cost increases as more particles are needed for simulations. This
demand further research on the implementation Bootstrap filter for large scale
structural systems like building and bridges.

Table 3 Comparison of different resampling algorithms on the basis of identified values of natural
frequency

Earthquake Resampling Identified natural frequency
(Hz)

% error

f1 f2 f3 e1 e2 e3
El-Centro Simple 4.400 12.804 19.454 5.847 −0.039 −2.002

Wheel 4.280 13.157 19.993 2.978 2.918 0.716

Stratified 4.187 12.669 19.748 0.729 −1.093 −0.520

Systematic 4.187 12.669 19.748 0.729 −1.093 −0.520

Loma Prieta Simple 4.529 13.746 17.980 8.953 7.309 −9.423

Wheel 4.081 12.984 20.307 −1.824 1.362 2.296

Stratified 4.203 12.863 19.496 1.110 0.417 −1.788

Systematic 4.187 12.669 19.748 0.729 −1.093 −0.520

Table 4 Ratio of identified value of parameters to original value and comparison on the basis of
convergence steps

Earthquake Resampling Ratio of identified to original parameters Steps

k1 k2 k3 c1 c2 c3
El-Centro Simple 1.21 0.96 0.92 0.33 1.30 0.19 150

Wheel 1.10 0.94 1.10 2.13 0.55 1.06 150

Stratified 1.02 1.02 0.94 0.79 0.55 1.34 200

Systematic 1.02 1.02 0.94 0.79 0.55 1.34 200

Loma Prieta Simple 1.96 0.57 1.00 0.52 1.03 0.85 150

Wheel 0.93 1.04 1.06 1.72 0.61 0.93 150

Stratified 1.07 0.89 1.04 0.52 1.08 1.30 250

Systematic 1.02 1.02 0.94 0.79 0.55 1.34 250
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Seismic Analysis of Weightless Sagging
Elasto-flexible Cables
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Abstract There exists considerable literature which deals with the dynamic
response of cables with distributed self-weight and some lumped masses, if any.
Seismic response of single weightless cable structures has not yet been sufficiently
investigated. In this Paper, seismic response of a single weightless planer elasto-
flexible sagging cable with lumped nodal masses is studied. This investigation is
informed by the appreciation that weightless flexible cables lack unique natural
state. Rate-type constitutive equation and third order differential equations of
motion have been derived earlier. Using these equations, the dynamic response of
such cables subjected to harmonic excitation has also been studied by the Authors.
Configurational response is distinguished from the elastic response. The scope of
the present Paper is limited to prediction of vibration response of a weightless
sagging planer two-node cable structure with lumped masses and sustained gravity
loads subjected to horizontal and vertical seismic excitations in the presence of
sustained gravity loads. The horizontal and vertical seismic excitations are predicted
to cause predominantly configurational and elastic displacements from the equi-
librium state. Also, the tensile forces in the inclined and horizontal segments are
caused predominantly by these excitations respectively. Cross effects due to mode
coupling are predicted. No empirical validation of the theory is attempted. The
theoretical predictions are validated by comparing with the seismic response of
heavy cable nets predicted by other researchers. The theoretical significance of the
approach followed here is critically evaluated.
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1 Introduction

Because of their versatility, cables are employed in diverse areas of structural
engineering. It is well-known that flexible sagging cables lack definite natural
reference configuration in their passive state. Generally, the analysts assume the
equilibrium configuration under self-weight, dead load of the bridge deck, etc., as
the reference configuration. Quite sophisticated analytical and computational
techniques have been developed for obtaining the static and dynamic response of
cable structures. Presence of self-weight renders the response of the cable to
additional loads nonlinear. Linear modal frequencies of single sagging cables have
been found to depend upon elasto-geometrical parameters [2]. This approach is
extended to arbitrarily-oriented cables supporting uniform as well as concentrated
loads [3]. A complementary energy principle has also been formulated [8]. Con-
tinuous catenary as well as discrete elements have been formulated [1]. Well-known
stability functions and equivalent elastic modulus method are used to simulate
respectively the geometric stiffness and the effect of self-weight on the constitutive
relations of the cables [9]. A spatial two-node catenary cable element with derived
tangent stiffness matrix is proposed for conducting nonlinear seismic analysis of
cable structures under self-weight and concentrated loads [10]. Such a popular
approach involving elastic and geometric stiffness matrices for dynamic analysis of
essentially nonlinear cables has been criticized [11]. Internal resonances as well as
subharmonic resonances have been predicted for these nonlinear structures [5].

The main point of departure of the Authors’ approach is the assumed weight-
lessness of the cables and the lack of their unique natural configuration. Static and
dynamic response of a single weightless elasto-flexible sagging planer cable car-
rying lumped masses and applied nodal loads has earlier been investigated by the
Authors. Rate-type constitutive equations and third order differential equations of
motion for these two-node 4-DOF cable structures have been derived. The dynamic
response of such structures to harmonic nodal force is determined for different
sustained nodal forces, axial elastic stiffness and sag/span ratios. Subharmonic
resonances as well as jump and beat phenomena are predicted for elastic and
inextensible cables [6]. The incremental equation of motion involving tangent
stiffness matrix employed by other researchers is equivalent to the third order
equation of motion proposed by the Authors [10].

Further, it has been established by the Authors that elasto- flexible cables exhibit
elasto- configurational static and dynamic response. A clear distinction is made
between the configurational and elastic response of these structures. In contrast to
the elastic structures which are capable of exhibiting purely elastic response, the
inextensible flexible cables can exhibit purely configurational static and dynamic
response under load variations. The tangent constitutive matrices Dij; fij and Nij

respectively relate the configurational, elastic and elasto- configurational nodal

velocities (x
�
i; u

�
i and y

�
i respectively) with the applied nodal rates of loading. The

coefficients of these constitutive matrices depend upon the instantaneous magni-
tudes of the nodal resistive forces Pi. Clearly, the configurational nonlinearity is
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also distinct from the conventional geometric nonlinearity associated with the finite
or large nodal elastic displacements [6].

Using these constitutive equations and equations of motion, the seismic response
of a particular sagging planer cable structure is determined in this Paper. The cable
material is assumed to be linear elastic in tension, while both the geometrical and
configurational nonlinearities are considered here. As determined by the equation of
motion, the time-derivative of the two well-known seismic excitations is obtained.
Dynamic response is determined under horizontal and vertical seismic excitations
applied separately as well as simultaneously. The theoretical contribution of the
Paper is critically evaluated. No attempt is made to validate the predictions with
empirical evidence.

2 Theoretical Formulation

Consider a two-node 4-DOF weightless planer sagging elasto-flexible cable as
shown in Fig. 1. Let xi and yi denote the nodal co-ordinates in the undeformed and
deformed state while ui denote the nodal elastic displacements of the cable carrying
sustained nodal loads F0i.

The following third order coupled nonlinear differential equations of motion are
derived for such cables carrying lumped masses Mij:

Mij y
���

j þ Cij y
��
j þ Kijy

�
i ¼ F

�
iðtÞ ð1Þ

The instantaneous internal resistive nodal forces Pi are obtained as

Pi ¼ FiðtÞ � Cijy
�
i �Mij y

��
j ð2Þ

The rate-type constitutive equations relating these internal nodal forces Pi and

the nodal velocities y
�
i are stated as

Fig. 1 Planer cable system
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yi ¼ xi þ ui y
�
i ¼ x

�
i þ u

�
i x

�
i ¼ DijP

�
i u

�
i ¼ fijP

�
i

y
�
i ¼ NijP

�
i Nij ¼ Dij þ fij Kij ¼ N�1

ij

ð3Þ

When the elastic displacements are assumed to be small, the nodal coordinates xi
of the undeformed cable, elastic displacements ui, coefficients Dij and coefficients fij
are functions homogeneous of order 0, 1, −1 and 0 respectively of the nodal
resistive forces Pi. Explicit expressions for xi; ui; yi; Dij; fij and Nij are reported
elsewhere [6].

The nonlinear cable structure is assumed to be instantaneously classically
damped with the instantaneous damping matrix Cij being determined as

Cij ¼ a0Mij þ a1Kij ð4Þ

Here, Kij represents the instantaneous tangent elasto-configurational stiffness
matrix.

3 Structural and Loading Details

The seismic behavior of a plane cable net has been investigated earlier [10]. The
particular single planer sagging cable structure investigated in this Paper obtained
from this cable net by idealization is shown in Fig. 1. Its structural details are as
below:

E ¼ 1:21� 107 N/m2 L ¼ 91:44 m H ¼ 0

F0 ¼ ð0; 17:793; 0; 17:793Þ kN

Two equal masses (M = 4,380 kg) are lumped at the two nodes. Self-weight of
the cable is ignored. The equilibrium state response is presented below:

x1 ¼ 30:48 m x2 ¼ 9:144 m x3 ¼ 60:96 m x4 ¼ 9:144 m
u1 ¼ �0:069 m u2 ¼ 0:708 m u3 ¼ 0:069 m u4 ¼ 0:708 m
y1 ¼ 30:409 m y2 ¼ 9:85 m y3 ¼ 61:029 m y4 ¼ 9:85 m
T1 ¼ 57:71 kN T2 ¼ 54:90 kN T3 ¼ 57:71 kN

The linear modal frequencies given by eigenvalues of the matrix M�1
ij Kij are

determined as

xn1 ¼ 1:07 rad=sxn2 ¼ 2:38 rad=sxn3 ¼ 9:16 rad=sxn4 ¼ 16:17 rad=s

The characteristic damping ratios for the cable structures are of the order of 0.01
[4]. However, for ease of comparison with published literature [10], the modal
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damping ratios for the lowest two modes are assumed to be as 0.05 for the deter-
mination of instantaneous damping matrix.

In the presence of seismic excitation, the nodal force vector is obtained as

FiðtÞ ¼ F0i þ EiðtÞ ð5Þ

Here, EiðtÞ denote the time-dependent seismic forces. Dynamic forces intro-
duced by the earthquakes and acting on the lumped modal masses are considered
here to be lying in the plane of the cable. There forces depend upon the horizontal

and vertical components y
��

h; y
��
v of the seismic acceleration. When only horizontal

seismic forces are considered,

EhðtÞ ¼ ð�M1 y
��

h; 0;�M2 y
��
h; 0Þ ð6Þ

Similarly, in the case of vertical seismic forces acting alone,

EvðtÞ ¼ ð0;�M1 y
��

v; 0;�M2 y
��
vÞ ð7Þ

Of course, the horizontal and vertical components of the seismic forces act
simultaneously and can be obtained by adding the above horizontal and vertical

seismic load vectors. Here, y
��
h and y

��
v represent the absolute horizontal and vertical

components of the ground accelerations. In this Paper, the vertical component of the
ground acceleration is obtained by scaling down the horizontal component to its
two-third value at all instants without changing its frequency content. The equation

of motion demands the evaluation of applied rate of loading vector F
� ðtÞ which in

the present case equals E
� ðtÞ. In the case of horizontal and vertical seismic accel-

erations, the loading rate vectors are specified as follows:

F
� ðtÞ ¼ E

�
hðtÞ ¼ ð�M1 y

���
h; 0;�M2 y

���
h; 0Þ

F
� ðtÞ ¼ E

�
vðtÞ ¼ ð0;�M1 y

���
v; 0;�M2 y

���
vÞ

ð8Þ

Here, y
���

h and y
���

v represent respectively the rates of change of horizontal and

vertical components of ground acceleration. In this Paper, y
���

h and y
���

v, components

are evaluated from the available ground acceleration components y
��
h and y

��
v

respectively as shown in Eq. (9).

y
���

hðtiþDtÞ ¼
y
��
hðtiþDtÞ � y

��
hðtiÞ y

���
vðtiþDtÞ ¼

y
��

hðtiþDtÞ � y
��
hðtiÞ

Dt
ð9Þ

Figure 2a, b show the El Centro earthquake records of the horizontal ground
acceleration components and the deduced rate of acceleration normalized with
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respect to acceleration due to gravity. The seismic response of structures depends
upon their modal frequencies as well as the frequency content of the earthquake.
Numerical methods like Newton Raphson method and Runge Kutta method are
used on MATLAB platform. For ease of interpretation of the dynamic response
predicted later, the fast Fourier transform (FFT) plot of the same ground acceler-
ation as well as the rate of ground acceleration is presented in Fig. 2c, d.

Similar characteristics of the Loma Prieta earthquake are shown in Fig. 3a, b, c,
d respectively. The peak ground acceleration (PGA) of the El Centro and the Loma
Prieta earthquakes are 0.319 and 0.529 g respectively. Here, g represents the
acceleration due to gravity. It can be observed that the dominant frequency ranges
for the El Centro and the Loma Prieta seismic accelerations are identified as 5–45
and 4–25 rad/s respectively. The corresponding frequency ranges for of the dom-
inant rate of seismic accelerations are 13–42 and 17–52 rad/s2.

Initial conditions are deduced from the assumption that the system is in static
equilibrium with the sustained vertical nodal forces in the form of self-weight of
the nodal masses. The predicted response presented later involves total elasto-
configurational, configurational and elastic displacements (zi; zic and zie) from the
equilibrium configuration. Thus,

Fig. 2 a El Centro ground acceleration, b time rate of El centro ground acceleration, c FFT of El
Centro ground acceleration, d FFT of El centro rate of ground acceleration
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ziðtÞ ¼ yiðtÞ � yið0Þ zicðtÞ ¼ xiðtÞ � xið0Þ zieðtÞ ¼ uiðtÞ � uið0Þ ð10Þ

Here, initial values yið0Þ; xið0Þ and uið0Þ correspond to the equilibrium state are
tabulated above.

4 Predicted Seismic Response: El Centro Earthquake

The predicted seismic behavior of the cable system to El Centro ground accelera-
tion is presented below: The dynamic response of the cable structure is investigated
for horizontal excitation, vertical excitation and combination of both horizontal and
vertical excitations. Under horizontal ground motion, the seismic responses are
similar for all (z1; z2; z3 and z4) degrees of freedom. For space constraints, only
z2-response is presented here.

The peak elasto- configurational z2-response at time 2.038 s for horizontal ground
motion plotted in the Fig. 4a comes out to be 0.2255 m. Also, at the same instant, the
peak elastic response is 0.0310 m, while the peak configurational response is
0.1945 m. Obviously, the total nodal elasto- configurational response is mainly due
to configurational nodal displacements. Figure 4b shows that the configurational and

Fig. 3 a Loma prieta ground acceleration, b time rate of Loma Prieta ground acceleration, c FFT
of Loma Prieta ground acceleration, d FFT of Loma Prieta rate of ground acceleration
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elastic response waveforms are in phase. The peak elasto- configurational
z2-response (0.0975 m) at time 2.443 s for vertical ground motion shown in the
Fig. 5a is mainly-elastic. The peak configurational response at same instant is almost
negligible ð�4:493� 10�7 mÞ. Due to very small configurational response in ver-
tical ground excitation as shown in Fig. 5b, the phase sense of elastic and config-
urational response is not clear.

In the dynamic response for combined horizontal and vertical ground motion as
shown in Fig. 6a, the configurational and elastic components of the peak total nodal
response are of the same order. The peak z2-elasto-configurational response
(0.1475 m) at time 2.038 s is the summation of configurational response (0.2305 m)

Fig. 4 a Typical z2-response for horizontal ground acceleration, b magnified z2-response for
horizontal ground acceleration
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and elastic response (−0.0830 m). The configurational and elastic z2-responses are
out of phase as shown in Fig. 6b. It has been verified, though not presented here,
both the configurational and elastic responses are in phase for other degrees of
freedom.

The FFT plots of the seismic response to horizontal, vertical and combined
ground motion are shown in Fig. 7a, b, c respectively. The dominant frequencies for
seismic response are 0.9896, 7.367 and 13.59 rad/s for horizontal ground motion,
2.34, 7.367 and 13.59 rad/s for vertical ground motion and 0.9896, 2.34, 7.367 and
13.59 rad/s for combined ground motion. To recapitulate, the dominant frequencies
of the applied El Centro ground motion are 7.367, 13.59 and 24.08 rad/s and the
linear modal frequencies of the system are 1.07, 2.38, 9.16 and 16.17 rad/s. It can
be observed that the higher two response frequencies (7.367 and 13.59 rad/s)

Fig. 5 a Typical z2-response for vertical ground acceleration, b magnified z2-response for vertical
ground acceleration
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coincide with the dominant frequencies of the ground motion, while the lower two
response frequencies (0.9896 and 2.34 rad/s) coincide with the lower two modal
frequencies of the system.

Due to symmetry of the structure and loading, the tensile forces T1 and T3 in cable
segments AB and CD show same pattern of temporal variation. The change in the
tensions due to ground excitation is plotted for all three cases, viz., horizontal,
vertical and combination of both horizontal and vertical ground motion. Figure 8a
shows that, in the antisymmetric vibration mode due to the horizontal excitation
alone, the maximum change introduced in the tensile forces T1 and T3 is much more
than that in the tensile force T2 in segment BC. In contrast, the symmetric mode
vibration caused by the vertical excitation is associated with very high change in
tensile force T2 relative to both T1 and T3 as shown in Fig. 8b. Thus, under combined
horizontal-vertical seismic excitation, the change in tension T1 of segment AB is
mainly due to horizontal ground motion, while in tension T2 of segment BC is
mainly due mainly to vertical ground motion. The magnitude of change of tension T1

Fig. 6 a Typical z2-response for combined ground acceleration, b magnified z2-response for
combined ground acceleration
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Fig. 7 a FFT response for z2-response for horizontal ground acceleration, b FFT response for z2-
response for vertical ground acceleration, c FFT for z2-response for combined ground acceleration
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in segment AB is about 4 kN, while the change in tension T2 in segment BC is about
8 kN. It is interesting to note that the higher total peak response (0.2255 m) due to
horizontal ground motion introduces lesser maximum change in the tensile forces
than the lower total peak response (0.0975 m) due to vertical ground motion.
However, the elastic components, 0.0310 and 0.0975 m respectively, for the hori-
zontal the vertical ground excitations are qualitatively consistent with the magni-
tudes of the predicted corresponding maximum changes in the tensile forces.

5 Predicted Seismic Response: Loma Prieta Earthquake

The z2-response as shown in Fig. 9a has peak elasto-configurational response of
0.3754 m at time 6.026 s to horizontal excitation. The configurational and elastic
responses are 0.3206 and 0.0548 m respectively. Figure 9b shows the configurational

Fig. 8 a DT1 plot for all three cases of ground motion, b DT2 plot for all three cases of ground
motion
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and elastic responses to be in phase. The configurational and elastic responses at time
6.205 s shown in Fig. 10a to vertical ground acceleration respectively are �2:527�
10�7 and 0.1516m. Themagnified view presented in Fig. 10b show these responses to
be out of phase. Figure 11a depicts the relative magnitudes of elastic and
configurational z2-response waveform at time 6.026 s to simultaneously acting hor-
izontal and vertical excitations. The peak configurational, elastic and elasto- con-
figurational responses respectively are 0.4260, −0.1338 and 0.2922 m. Figure 11b
shows the elastic and configurational responses to be out of phase. A comparison of
FFT plots shows similar characteristics of the response of typical nodal displacements
in all three cases of horizontal, vertical and combined action of ground acceleration
are shown in Fig. 12a, b, c respectively. It can be observed that, like in the case of El

Fig. 9 a Typical z2-response for horizontal ground acceleration, b magnified z2-response for
horizontal ground acceleration
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Centro earthquake, the frequency content of these responses contains the dominant
frequencies as in the corresponding ground excitations apart from the linear modal
frequencies of the structure.

Change in tension T1 of segment AB and tension T2 of segment BC is shown in
Fig. 13a, b respectively for three different situation of horizontal, vertical and
combined action of ground acceleration. The change in tension T1 of segment AB

Fig. 10 a Typical z2-response for vertical ground acceleration, b magnified z2-response for
vertical ground acceleration
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results only due to horizontal action of ground acceleration while the change in
tension T2 of segment BC is only due to vertical ground acceleration. An interesting
point is that, change (5.425 kN) in tension T1 due to combined excitation is only
marginally less than change (6.742 kN) due to horizontal excitation alone.

Fig. 11 a Typical z2-response for combined ground acceleration, b magnified z2-response for
combined ground acceleration
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Fig. 12 a FFT for z2-response for horizontal ground acceleration, b FFT for z2-response for
vertical ground acceleration, c FFT for z2-response for combined ground acceleration
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Similarly, the main contribution (12.77 kN) to the change (13.02 kN) in T2 due to
combined excitation is by the vertical excitation.

To recapitulate, the PGA of Loma Prieta earthquake (0.529 g) is considerably
higher than the El Centro earthquake (0.319 g). Despite this fact, it can be observed
that the seismic responses of the structure to these earthquakes are qualitatively
similar. However, the peak nodal displacements (0.2255, 0.0975 and 0.1475 m) to
horizontal, vertical and combined El Centro ground excitations respectively are
considerably lower than those (0.3754, 0.1516 and 0.4260 m) for the Loma Prieta
ground excitation. Similarly, the changes (4 and 8 kN) in tensile forces in the
inclined and horizontal segments due to El Centro earthquake are smaller than those
(5.42 and 13.02 kN) for Loma Prieta earthquake.

Fig. 13 a DT1 plot for all three cases of ground motion, b DT2 plot for all three cases of ground
motion
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6 Discussion

It has also been established by the Authors that the eigenvector corresponding to the
sole non-zero eigenvalue of the symmetric singular tangent configurational matrix
Dij represents the sole mode of vibration of the inextensible cables. Apart from the
other eigenvectors, this antisymmetric eigenvector is also orthogonal to the loading
rate vector collinear with the instantaneous resistive nodal force vector Pi. This
latter proportionate loading vector approximately corresponds to the symmetric
elastic mode of displacements and vibrations of the elasto-flexible cables. The
antisymmetric mode generally has the lowest modal frequency and corresponds to
the configurational vibration mode. On the other hand, the symmetric mode with
higher modal frequency corresponds to the elastic vibration mode of elasto-flexible
cables. For small vibration amplitudes, these linear modal frequencies and the
corresponding mode shapes can be considered to depend upon the sustained load
vector F0 in place of the instantaneous internal resistive nodal force vector Pi [6].

A closer look at the sustained load vector F0 and the applied horizontal and
vertical seismic force vectors, Eh and Ev, reveals that the vertical seismic force
vector remains parallel to the sustained load vector. Since the relative magnitudes of
the applied nodal forces remain unaltered for the duration of the earthquakes, the
vertical seismic force vector represents the proportionate load vector. In contrast,
the horizontal seismic force vector can be observed to remain orthogonal to the
sustained load vector. Thus, under horizontal seismic forces, the cable vibrates in
the antisymmetric mode, while it vibrates in the symmetric mode under vertical
seismic forces. In view of the above discussion, horizontal and vertical seismic
forces are expected to elicit respectively predominantly configurational and elastic
responses from the elasto-flexible cable structures. Such indeed happens to be the
case. As discussed in the preceding section, the elastic component of the total
horizontal seismic response and the configurational component of the vertical
seismic response indeed are vanishingly small.

It is generally assumed that the dynamic response of the structures under multi-
directional seismic forces can be obtained just by adding the responses to seismic
excitations in different directions. This assumption is not justified in the presence of
cross effects associated withmode-coupling [7]. Such cross effects are observed to play
a significant role in the seismic response of cable structures investigated here. As
discussed above, themainly-configurationalmodal displacements caused by horizontal
excitation are out of phase with themainly-elastic modal displacements associatedwith
the vertical excitation. Thus, the peak nodal displacement response under simultaneous
horizontal and vertical excitations is different from those caused by the excitations
acting separately. Even the principle of superposition is not valid. The same holds true
for the maximum magnitudes of the tensile forces in the cable segments.

The seismic response of the conventional elastic structures is represented in
terms of the peak nodal elastic displacements. This is because of the fact that the
higher nodal displacements of such structures imply higher internal elastic forces
introduced by seismic forces. However, it is established by the Authors [6] that such
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a direct relation between the nodal displacements and internal forces does not hold
for these elasto-flexible structures. Only the elastic component of the total elasto-
configurational nodal displacements determines the tensile forces in the cable
segments. However, for the same elastic nodal displacements, these tensile forces
depend upon the current configuration which is characterized by the configurational
nodal displacements from the reference configuration.

No attempt has been made for empirical validation of the seismic response
predictions presented in this Paper. However, these theoretical predictions are
compared with those of other investigators’ predictions for the seismic response of a
similar structure. Recently, Thai and Kim have determined the dynamic response of
a cable net to horizontal components of El Centro and Loma Prieta earthquakes
[10]. Here, a part of this essentially spatial cable net is idealized as a planer cable,
but all the other structural and loading details are kept same. The only exception is
that a part of the self-weight of the cable is lumped at the nodes. The nodal
coordinates of the elasto-flexible cable in its passive state are predicted to be same.
The predicted in-plane horizontal and vertical nodal displacements (−0.069 and
0.708 m) are considerably higher than those (−0.040 and 0.446 m) predicted by
Thai and Kim. Similarly, the predicted tensile forces (54.90 and 57.71 kN) in the
horizontal and inclined segments far exceed those (24.283 and 23.687 kN) esti-
mated by these investigators.

The vertical nodal peak displacements to horizontal components of El Centro and
Loma Prieta earthquakes predicted in this Paper respectively are 0.2255 and
0.3754 m. The corresponding predictions of these investigators respectively are
estimated from figures are 0.196 and 0.186 m. The dominant response frequencies in
the later parts of the waveforms for both the seismic excitations as estimated from
these figures are about 2.38 rad/s. It is surmised here that dominant frequencies of the
initial and later parts of the seismic response equal respectively the dominant seismic
forcing frequencies and lowest modal frequencies of the structure. To recapitulate,
the lowest linear modal frequencies of the cable under sustained loads are 1.07 and
2.38 rad/s. It can be observed that the second lowest frequency predicted here is quite
close to those predicted by these investigators. Thus, the static response predicted
here differs considerably from that predicted by these investigators. This could be
due to the assumed planer cable idealization of the essentially spatial cable net.
Despite this fact, the predicted seismic response is similar, though quantitatively
different, in both the investigations. It should be noted that the seismic response of
cable structures predicted in this Paper is based on entirely new constitutive equa-
tions and equations of motion proposed earlier by the Authors.

7 Conclusions

Using the Authors’ rate- type constitutive equations and third order differential
equations of motion, the response of weightless sagging planer cables to El Centro
and Loma Prieta earthquakes is investigated in this Paper. Vertical ground
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acceleration is obtained by reducing the horizontal ground acceleration to its two-
thirds value. In addition to the ground accelerations, their time rate of variation
required as per the theoretical formulation in the equations of motion is also
computed.

In both the earthquakes, the horizontal excitation is predicted to excite the
antisymmetric mainly-configurational vibration mode and introduce the tensile
forces in the side inclined segments of the cable. In contrast, mainly-elastic sym-
metric mode and the tensile forces in the central horizontal segment are associated
with the vertical excitation component. Due to strong mode coupling, in some
cases, the nodal displacements as well as tensile forces due to simultaneous hori-
zontal and vertical excitations are lesser than those caused by the separately acting
horizontal and vertical excitations. However, planer cable idealization of essentially
spatial cable nets attempted here turned out to be unsatisfactory for predicting their
seismic response. Even though, the qualitatively similar response predictions using
an entirely different formulation based upon rate-type constitutive equations and
third order differential equations of motion confirm basic soundness of the Authors’
proposed vibration theory of elasto-flexible cables.
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Damage Detection in Beams Using
Frequency Response Function Curvatures
Near Resonating Frequencies

Subhajit Mondal, Bidyut Mondal, Anila Bhutia
and Sushanta Chakraborty

Abstract Structural damage detection from measured vibration responses has gain
popularity among the research community for a long time. Damage is identified in
structures as reduction of stiffness and is determined from its sensitivity towards the
changes in modal properties such as frequency, mode shape or damping values with
respect to the corresponding undamaged state. Damage can also be detected directly
from observed changes in frequency response function (FRF) or its derivatives and
has become popular in recent time. A damage detection algorithm based on FRF
curvature is presented here which can identify both the existence of damage as well
as the location of damage very easily. The novelty of the present method is that the
curvatures of FRF at frequencies other than natural frequencies are used for
detecting damage. This paper tries to identify the most effective zone of frequency
ranges to determine the FRF curvature for identifying damages. A numerical
example has been presented involving a beam in simply supported boundary
condition to prove the concept. The effect of random noise on the damage detection
using the present algorithm has been verified.

Keywords Structural damage detection � Frequency response function curvature �
Finite element analysis

1 Introduction

Damage detection, condition assessment and health monitoring of structures and
machines are always a concern to the engineers. For a long time, engineers have
tried to devise methodology through which damage or deterioration of structures
can be detected at an earliest possible stage so that necessary repair and retrofitting
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can be carried out. Recently, due to the rapid expansion of infrastructural facilities
as well as deterioration of the already existing infrastructures, the magnitude of the
problem has become enormous to the civil engineering community. Detection of
damages using various local and global approaches has been explored in current
literature. The measured dynamical properties have been used effectively for
detecting damages. The dynamical responses of structures can be very precisely
measured using modern hardware and a large amount of data can be stored for
further post processing to subsequently detect damages. The damage detection
problem can be classified as identification or detection of damage, location of
damage, severity of damage and at the last-estimation of the remaining service life
of a structure and its possible ultimate failure modes. During the last three decades
significant research has been conducted on damage detection using modal prop-
erties (frequencies, mode shapes and damping etc.). The mostly referred paper on
damage detection using dynamical responses is due to Deobling et al. [1] which
give a vivid account of all the methodologies of structural damage detection using
vibration signature until 90 s. Damage detection using changes in frequency has
been surveyed by Salawu and Williums [2]. The main drawback of detecting
damages using only frequency information is the lack of sensitivity for the small
damage cases. The main advantage of this method is that, frequency being a global
quantity it can be measured by placing the response sensor such as an accelerometer
at any position. Mode shapes can also be effectively used along with frequency
information to locate damage [3, 4], but the major drawback is that mode shape is
susceptible to the environment noise much more than the frequency. Moreover,
mode shapes being a normalized quantity is less sensitive to the localized changes
in stiffness. The random noise can be averaged out to some extent but systematic
noise cannot be fully eliminated. Furthermore, in vibration based damage detection
methodologies, depending upon the location the damage may or may not be
detected if it falls on the node point of that particular mode. Lower modes some-
times remain less sensitive to localized damages and measurement of higher modes
are almost always is necessary which is more difficult in practice.

In contrast with frequency and mode shape based damage detection, method-
ologies using mode shape curvature, arising from the second order differentiation of
the measured displacement mode shape is considered more effective for detecting
cracks in beams [5]. Wahab and Roeck [6] showed that damage detection using
modal curvature is more accurate in lower mode than the higher mode. Whalen [7]
also used higher order mode shape derivatives for damage detection and showed
that damage produce global changes in the mode shapes, rendering them less
effective at locating local damages. Curvature mode shapes also have a noticeable
drawback of susceptibility to noise, caused by these second order differentiation of
mode shapes. This differentiation process may amplify lower level of noise to such
an extent to produce noise-dominated curvature mode shapes [8] with obscured
damage signature. Most recently, Cao et al. [9] identified multiple damages of
beams using a robust curvature mode shape based methodology.

In recent years, many methods of damage detection based on changes in
dynamical properties have been developed and implemented for various
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complicated structural forms. Wavelet transformation is one of the recent popular
techniques for damage detection in local level, although its performance to detect
small cracks is questioned [10, 11].

A structure vibrates on its own during resonance at high amplitude and therefore
the FRFs become very sensitive to noise. Ratcliffe [12] explored the frequency
response function sensitivities at all frequencies rather than at just the resonant
frequencies to define a suitable damage index which can be used in a robust manner
in presence of inevitable experimental noise. Sampaio et al. [13] have given an
account of the frequency response function curvature methods for damage detec-
tion. Pai and Young [14] detected small damages in beams employing the opera-
tional defected shapes (ODS) using a boundary effect detection method. Scanning
laser vibrometer was used for measuring the mode shapes. Bhutia [15] and Mondal
[16] have also investigated damage detection using operational deflected shapes and
using FRFs at frequencies other than natural frequencies respectively.

Therefore, it appears that at frequencies slightly away from the natural frequency
(either above or below), it may be somewhat less affected by measurement noise.
But, it is to be also remembered that the sensitivity of FRFs to damage will also fall
down at the frequencies other than the natural frequencies. Hence, the FRFs at
frequencies other than natural frequencies, although less noise prone is less sen-
sitive to damage as well. With all probability, there might exist an optimum location
in FRF curve nearer to the resonant peaks where the measured FRFs still have
enough sensitivity towards damage yet have substantial less sensitivity to noise. It
must also be noted that most of the existing damage detection algorithm works well
when the damage is severe, because the level of stiffness changes will be substantial
for such damages and will be easily detectable. Such damages can be detected
easily by other means such as direct visual observations. The real challenge in the
research field of structural damage detection is to test the damage indicator’s
sensitivity for small damages in presence of inevitable measurement noise. Most
algorithms are observed to give spurious indications of damage when the noise
level becomes somewhat higher.

In this paper FRF curvature is used at frequencies different than the natural
frequencies to detect damage. Thus the fundamental principle behind this damage
detection methodology is to exploit the relative gain in terms of lower noise sen-
sitivity, sacrificing a bit in terms of resonant response magnitude. Although the
concept appears to be attractive, the current literature does not provide enough
guidance in this regard. The present paper tries to explore the same through an
example beam in simply supported condition.

The present study concentrates on a forward problem of simulating damage
scenarios, considering the FRF curvatures as the damage indicators to see if it
performs better than the methods employing FRFs at natural frequencies. The key
question is the robustness of the algorithm, i.e. whether the results obtained will
remain unique in the presence of real experimental noise, especially under the
condition of modal and coordinate sparsity. Finite element analysis using ABAQUS
[17] has been used to generate the required vibration responses for this simulated
study. Simulated noises into the data are added as a percentage of FRF magnitude.
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2 Theoretical Background of the Present Methodology

The mass, stiffness and damping properties of a linear vibrating structure are related
to the time varying applied force by the second order differential force equilibrium
equations involving the displacement, velocity and acceleration of a structure. The
corresponding homogenized equation can be written in discretized form-

M½ �fx::ðtÞg þ ½C�f _xðtÞg þ ½K�fxðtÞg ¼ f0g ð1Þ

where ½M�; ½K� and ½C� are the mass, stiffness and viscous damping matrices with
constant coefficients and fx::ðtÞg; f _xðtÞg and fxðtÞg are the acceleration, velocity and
displacement vectors respectively as functions of time. The eigensolution of the
undamped homogenized equation gives the natural frequencies and mode shapes.

If the damping is small, the form of FRF can be expressed by the following
equation [18].

HjkðxÞ ¼ Xj

Fk
¼

XN

r¼1

rAjk

k2r � x2
ð2Þ

Here, Hjk(ω) is the frequency response functions, rAjk is the modal constant, λr is
the natural frequency at mode r and ω is the frequency.

The individual terms of the Frequency Response Functions (FRF) are summed
taking contribution from each mode [18]. At a particular natural frequency, one of
the terms containing that particular frequency predominates and sum total of the
others form a small residue. But for a FRF at frequency just slightly away from the
natural frequency, the other terms also starts contributing somewhat significantly,
thereby remaining sensitive to stiffness changes of the structure. For localizing the
damage, FRF curvature method can more effectively be used than the FRFs
themselves.

3 Numerical Investigation

In this current investigation a simply supported aluminum beam has been modeled
using the C3D20R element (20 noded solid brick element). Eigensolutions have
been found out using the Block Lanchoz algorithm with appropriately converged
mess sizes for the modes under consideration. The material properties of beam are
assumed to be E = 70 GPa and NEU = 0.33. Then, damage has been inflicted with a
deep narrow cut of width 2.5 mm thick and 5 mm deep as shown in Fig. 1. The
FRFs are computed at 21 evenly spaced locations as shown in Fig. 2.

Figure 3 shows the natural frequencies and the corresponding mode shapes of
the ‘undamaged’ beam and damaged beam.
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The FRFs of the undamaged and the damaged beam has been overlaid in Fig. 4.
The difference is noticeable in some modes, indicating more damage sensitivity.

Curvature of FRFs, i.e. the rate of change of FRFs measured at twenty one
locations and at different frequency (lies in between 90 and 110 % of the natural

Fig. 1 Dimension and damage location of simply supported beam

Fig. 2 Location of FRF measurement along the center line of beam

Fig. 3 Mode shape and frequency of undamaged and damaged beam
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frequencies) for undamaged and damage cases are determined. The procedure to
compute the FRF curvature is a central difference scheme and is given below

H00
ijðxÞ ¼

Hðiþ1ÞjðxÞ � 2HijðxÞ þ Hði�1ÞjðxÞ
ðDhÞ2 ð3Þ

For example, as shown in the Fig. 5 FRF curvature was taken at 90, 95, and
98 % of 1st natural frequency for both the undamaged and damaged cases and this
process was continued for twenty one different location of the beam. The difference
was taken as absolute difference of the curvature. Since there is a frequency ‘shift’
due to damage, a mapping scheme has been adopted as shown. Many references
just directly compare FRFs without accounting for such frequency shifts and may
not truly represent the effect of FRF changes due to damage.

Figure 5 shows the absolute change in FRFs at different frequencies around the
first natural frequency without considering the noise.

3.1 Damage Detection Using FRF Curvature Near the First
Fundamental Mode

Figure 6 shows the FRF curvatures at various locations along the beam length for
different values of frequencies away from the natural frequencies as a percentage of
the resonant frequency. Thereafter, random noise is added to the FRFs and the same
methodology is applied to determine the sensitivities. Figure 7a–f shows that as the
noise level increases the FRF curvatures show pseudo peaks of much higher
magnitudes to obscure the actual damages, however the effect is minimum around
FRF curvature computed at 95 % of natural frequency.
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Fig. 4 Comparisons of point FRFs (point 11) of undamaged and damaged beam
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Figure 7a shows the effect of noise on the damage localization using the FRF
curvature at around 1st natural frequency. With 1 % noise, false peaks appear in
addition to peak at 14th number point, so the localization sensitivity reduces.
Addition of 2 % noise gives pseudo peaks at other points having much higher
magnitudes which are however actually not damaged. Thus addition of noise has
caused more and more false detection of damages as compared to the noise-free
case. Addition of 3 % noise gives an even more unacceptable result with substantial
increase in false detections apart from the actual damage at point 14.

Figure 7b which is the plot of FRF curvature at 98 % of 1st natural frequency
shows similar kind of result with very little improvement towards the noise resis-
tance. However when curvature differences at 96 and 95 % of 1st natural frequency
are explored, they show substantial increase in resistance towards the added random
noise as is evident from Fig. 7c, d. It can be easily observed that the small peaks are

Fig. 5 Mapping of FRF for undamaged and damaged beam at different frequency
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relatively suppressed, thereby locating the damage much more uniquely at the
designated point number 14. Further downward movement along frequency scale
however could not fetch any benefit and in fact shows reduction in damage
detection capacity. At 93 and 90 % of 1st natural frequency false peaks again
started to predominate. Hence, Curvature difference away from 1st natural fre-
quency shows very distinct damage localization capability, even with substantial
level of added random noise. The peaks at the actual damage location are distinct
enough to pin-point the actual damage location. Overall damage identification
capability in presence of noise increases as we move away from resonant peak of
FRF and damage detection is most robust within certain range of frequency, very
close to the natural frequency.

Similar phenomenon on other side of the FRF peak at natural frequency have
been observed and are presented in Fig. 8.

From Fig. 9a–f it is clear that damage detection can be done better between 104
and 105 % of natural frequency in noisy environment than the usual practice of
using FRFs at resonant frequency.

Fig. 7 Difference between curvatures of FRFs of undamaged and damaged (point 14) Simply
supported beam for a 1st natural frequency b 98 %, c 96 %, d 95 %, e 93 % and f 90 % of 1st
natural frequency for different percentage of noise. Input force at mid point
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Fig. 9 Difference between curvatures of FRFs of undamaged and damaged (point 14) simply
supported beam for a 1st natural frequency b 102 %, c 104 %, d 105 %, e 107 % and f 110 % of
1st natural frequency for different percentage of noise. Input force at mid point
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3.2 Damage Detection Using FRF Curvature Near
the Second Mode

The investigation is extended further to include the second mode also and similar
results are obtained and are presented in Fig. 10.Most effective zone to detect damage
is again found to be at 95–96 % of the resonant frequency (so also at 100–110 % of
the second natural frequency) and is not presented here for brevity.

4 Conclusions

An attempt has been made to detect the location of damage in a simply supported
aluminum beam using FRF curvatures at frequencies other than natural frequencies
and is found to be more robust as compared to method using FRFs at resonant
frequencies when random noise are present in data. Upto 2–3 % of random noise in
observed FRF data are tried. An optimum frequency zone at around 95–96 % (or
105–106 %) of the natural frequency has been identified as ideal to locate damage
as they maintain the required sensitivity for damage detection yet being slightly
offset from the peak value. Keeping all the above observations, we can conclude
that damage detection using FRF curvature at other than natural frequency may be a
better option if considerable measurement noise is present into the data. The method
needs to be further explored with appropriate model of noise actually present in real
modal testing of structures in various boundary conditions.

Fig. 10 Difference between curvatures of FRFs of undamaged and damaged (point 14) Simply
supported beam for a 2nd natural frequency, b 98 %, c 95 % and d 90 % of 2nd natural frequency
for different percentage of noise. Input force at mid point
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Dynamic Response of Block Foundation
Resting on Layered System Under
Coupled Vibration

Renuka Darshyamkar, Bappaditya Manna and Ankesh Kumar

Abstract In the present study, the effect of various soil-rock and rock-rock
foundation system on dynamic response of block foundations of different mass and
equivalent radius under coupled mode of vibration are investigated. The dynamic
response characteristics of foundation resting on the layered system considering
soil-rock and weathered rock-rock combination are evaluated using finite element
program with transmitting boundaries. The procedure to determine the frequency
amplitude response of soil-rock and weathered rock-rock system is discussed in
details and the equations are proposed for the same. The variation of natural
frequency and resonant amplitude with shear wave velocity are investigated for
different top layer thickness. It has been observed that the natural frequency
increases and the peak displacement amplitude decreases with increase in shear
wave velocity ratio. The variation of natural frequency and peak displacement
amplitude are also studied for different top layer thickness and eccentric moments.

Keywords Block foundation � Soil-rock � Rock-rock � Coupled vibration �
Frequency amplitude response

1 Introduction

Due to the diverse nature of Earth’s geology, the homogeneity of soil or rock is rare
on the earth surface. These days, engineers and geologist frequently encounter non-
homogeneity in surface and sub-surface strata because of presence of bedding
planes of varying strengths, fissures, joints and faults, due to this the dynamic
behavior of machine foundation on such type of strata is very complex. The layered
systems commonly available are soil-rock and rock-rock system and the dynamic
force experienced by these systems are mainly due to the rotating type of machines.
In case of rotating type machines, horizontal load acts on the complete system of

R. Darshyamkar (&) � B. Manna � A. Kumar
Department of Civil Engineering, Indian Institute of Technology (IIT), Delhi, India

© Springer India 2015
V. Matsagar (ed.), Advances in Structural Engineering,
DOI 10.1007/978-81-322-2193-7_120

1575



block foundation leading to the coupled vibration. Due to the complexity of the
problem in machine induced coupled vibration there is a need of research
addressing these issues.

The basic mathematical model used for foundation resting on soil is of a lumped
mass with a spring and dashpot. Many researchers have used this model to study the
dynamic response of footing, in this model soil medium was replaced by a vertical
independent springs and the dissipation of energy from the vibrating system was
represented by a dashpot.

Reissner [1] used elastic half-space as the mathematical model and proposed an
analytical solution for dynamic analysis. Further, the elastic half-space theory is
extended by Arnold et al. [2] to incorporate other modes of vibrations. Lysmer and
Kuhlemeyer [3], and Veletsos and Wei [4] introduced the finite element and
boundary element solutions. Some researchers [5] considered cone idealization for
modeling foundation on a homogeneous half-space for the dynamic loading
condition.

Many researchers [6–11] reproduced stiffness and damping parameters for
embedded and surface footing on a viscoelastic half-space or layered medium by
considering different modes of vibration. The problem is quite complex because of
the mixed boundary conditions on the surface of the half-space. Displacements at
the contact area between the rigid plate and half-space are uniform or linearly
varying depending on the mode of vibration (translational or rotational). Velestos
and Wei [4] used analytical method and presented numerical data for the steady-
state rocking and sliding response of a rigid, circular, massless disk.

In previous investigations, researchers studied numerous factors on which nat-
ural frequency of the block foundation soil system depends and these factors are
shape and size of the foundation, depth of embedment, dynamic soil properties,
nonhomogeneities in the soil, frequency of vibration etc. Nonhomogeneities in soil
system are one of the important factors which have not been studied effectively in
the past. Some researchers [12–14] investigated the effect of footing resting on
layered soil. Many researchers studied the dynamic response of foundations con-
sidering the heterogeneities of the soil [14–16].

Numerical solutions for the response of foundations on a finite stratum over a
half-space have been reported by Hadijan and Luco [15], and Gazetas and Roesset
[17]. Dynamic response of rigid footings on the surface of homogenous, isotropic,
and elastic or viscoelastic layered media has been studied by Kausel [18] and
Lysmer et al. [19], using the finite element technique.

A solution is developed by Baidya [20] to find the stiffness of the ith layer of a
multilayered system and this theory has been verified by model block vibration tests
conducted by Baidya and Muralikrishna [21], Baidya and Rathi [22], and Baidya
et al. [23]. Kumar et al. [24] studied the effect of soil-rock and rock-rock systems on
dynamic response of block foundation under vertical excitation by using the finite
element program for two different foundation systems.

In present paper, the block foundation on layered soil-rock and weathered rock-
rock system are analyzed for frequency amplitude behavior. The layered combi-
nations have been assumed as composite medium. The variation of dimensionless
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natural frequency and resonant amplitude with shear wave velocity ratio for soil-
rock and weathered rock-rock system is shown graphically and different equations
are proposed for the same.

2 Theoretical Study

In the present study, the behavior of soil-rock and weathered rock-rock system are
analyzed using finite element method (FEM) based formulation and computer
program developed by Kausel [18]. The dynamic analysis of axisymmetric foun-
dation resting on viscoelastic soil layers underlain by rock of infinite horizontal
dimension were presented in a numerical method form by Kausel [18]. The tech-
nique used for the analysis of axisymmetric systems subjected to arbitrary non-
axisymmetric loading was an extension of the solution technique proposed by
Lysmer and Waas [25] using Fourier expansion method developed by Wilson [26].
The strains in finite element formulation are given in terms of the displacement.

e ¼ Buo ð1Þ

where B ¼ AUT in which ε = strain vector and A = partitioned matrix operator.
Principle of virtual displacement to define Eigen-value problem for the visco-

elastic energy absorbing boundary is given as,

X
duTo

ZZ
BTDB� qX2UUT
� �

uordrdz

� �
�
Z

UPrds ¼ 0 ð2Þ

where D = constitutive matrix containing material propertied, ρ = density of soil,
Ω = frequency, r = equivalent radius.

And from the arbitrariness of the virtual displacement,

ð�qX2mþ KÞu ¼ P ð3Þ

where u, P stand now for the total nodal displacement and load vector. The total
stiffness and mass matrices K, m and the load vector P are assembled from the
element matrices.

In the formulation of far-field core region is removed and substituted by
equivalent distributed forces corresponding to the actual internal stresses as given
by continuum theory. The displacement at the boundary is uniquely defined in
terms of these fictitious boundary stresses. The displacement in the far-field region
is expressed in terms of Eigen functions corresponding to the natural modes of
wave propagation in the stratum and this displacement is related to the stresses by
means of dynamic stiffness function.
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Defining the system dynamic stiffness matrix (Kd) as,

Kd ¼ �qX2mþ K þ R ð4Þ

P� ¼ DY� ð5Þ

where D = dynamic stiffness matrix depends on the displacement pattern of wave
propagation, P = forces at lateral boundary causes system to vibrate.

DP ¼ �RðY � Y�Þ ð6Þ

Table 1 Properties of soil and rock

Type of soil and weathered rock Shear wave velocity (m/s) Unit weight (N/m3)

Soil 185 16,000

Weathered rock 1,680 20,810

Sandstone 1,110 22,000

Fig. 1 Variation of dimensionless natural frequency (first peak, ao1) with shear wave velocity
ratio (Vs1/Vs2) for Ro=mð Þ1 and Ro=mð Þ2
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Here, ΔP is nodal forces necessary to balance secondary forces at finite element
boundary, (Y − Y*) represents deviation of the displacements produced by the
secondary wave train, and R is the stiffness matrix of far-field.

ð�X2mþ K þ RÞY ¼ ðDþ RÞY� ð7Þ

Yields finally,

KdY ¼ ðDþ RÞY� þ P ð8Þ

Y� ¼ yif g, yi stands for either ui or vi.
Finally, load displacement is given as,

P�
1 ¼ D1Y

�
1 ð9Þ

which can be solved by the conventional numerical techniques for arbitrary
dynamic loading, it must be solved in the frequency domain, as the dynamic
stiffness matrix is a function of the driving frequency. Time histories are then
obtained using the well-known Fourier transformation procedures.

Fig. 2 Variation of dimensionless natural frequency (second peak, ao2) with shear wave velocity
ratio (Vs1/Vs2) for Ro=mð Þ1 and Ro=mð Þ2
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Novak et al. [27] formulated the computer program DYNA 5 which contains the
above methodology. This program is used to present the dynamic behavior of block
foundation as frequency response curves for coupled displacement, stiffness, and
damping constants for layered system.

In the present analysis, two different ratios of equivalent radius of block foun-
dation with mass of block foundation are considered as Ro=mð Þ1¼ 2:85� 10�5 and
Ro=mð Þ2¼ 1:74� 10�5 to study the effect of mass and size of foundation on the
dynamic response of block foundation, where Ro is equivalent radius of footing in
meter and m is total mass of footing in kN. The properties of soil and rocks [24]
considered for the analysis are shown in Table 1.

3 Results and Discussions

To study the effect of depth of layer on frequency amplitude response, the ratio of
depth of top layer (H) with width of footing (B) is taken as (H/B) = 0.5, 1.0, and 1.5.
In the present investigation, three different eccentric moment (mee = 0.028, 0.037,
and 0.045 kg m) are used. The results so obtained in analysis are plotted in the form

Fig. 3 Variation of dimensionless translational amplitude (Ax) with shear wave velocity ratio
(Vs1/Vs2) for (Ro/m)1
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of dimensionless parameters, i.e. dimensionless frequency ao, dimensionless
amplitude Ax and Aψ.

Dimensionless translational amplitude; Ax ¼ x:m
mee

ð10Þ

Dimensionless rotational amplitude; Aw ¼ Iw
meeZe

ð11Þ

Dimensionless frequency; ao ¼ xro
vs

ð12Þ

The analysis is carried out for three different shear wave velocity ratios of
0.8, 0.6, and 0.3, respectively. The variation of natural frequency and resonant
amplitude of translational and rotational mode of vibration are obtained for H/B
ratio = 0.5, 1.0, and 1.5. The trend lines are then obtained for the graphs between (i)
natural frequency and shear wave velocity, and (ii) resonant amplitude and shear
wave velocity ratios. The graphs are extended for the lower values of shear wave
velocity ratios (Vs1/Vs2 < 0.5; where Vs1 is the shear wave velocity of top layer, and

Fig. 4 Variation of dimensionless translational amplitude (Ax) with shear wave velocity ratio (Vs1/
Vs2) for (Ro/m)2
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Vs2 is the shear wave velocity of half space) by using trend line equations, which
indicate the different soil-rock and weathered rock-rock combination systems.

The variation of dimensionless natural frequency for first peak with shear wave
velocity ratio is shown in Fig. 1 for both Ro=mð Þ1 and Ro=mð Þ2. Similarly, the
variation of dimensionless natural frequency for second peak with shear wave
velocity ratio is shown in Fig. 2 for both Ro=mð Þ1 and Ro=mð Þ2. The trend line shown
in graphs are the variation of first and second peak of natural frequency (due to the
effect of coupled vibration) with shear wave velocity ratios. It is observed from
Figs. 1 and 2 that the dimensionless natural frequency decreases with the decrease in
shear wave velocity ratios due to the properties of weathered rock or soil.

The variation of dimensionless translational amplitude with shear wave velocity
ratio is shown in Figs. 3 and 4 for Ro=mð Þ1 and Ro=mð Þ2, respectively. The trend
line equation given in the graphs shows the variation of dimensionless rotational
amplitude with shear wave velocity for different H/B ratios.

Similarly, the variation of dimensionless rotational amplitude with shear wave
velocity ratio is shown in Figs. 5 and 6 for Ro=mð Þ1 and Ro=mð Þ2, respectively. It
can be seen from Figs. 3, 4, 5, and 6 that as H/B ratio increases the dimensionless
rotational and translational amplitude decreases. It is observed that both the
dimensionless amplitude decreases with increase in shear wave velocity ratio. It is

Fig. 5 Variation of dimensionless rotational amplitude (Aψ) with shear wave velocity ratio
(Vs1/Vs2) for (Ro/m)1
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also observed that the value of dimensionless rotational amplitude of Ro=mð Þ1 ratio
is higher than that of Ro=mð Þ2 ratio, due to the mass and size effect of the two
footings. It is also noted that trend lines are approaching to a constant value and that
value can be obtained at shear wave velocity ratio of 1.

4 Conclusions

In the present work, the procedure to predict the dynamic response is described in
details for soil-rock and weathered rock-rock system for different Ro=m ratios under
coupled vibration. Different equations are proposed to calculate the dimensionless
natural frequency and resonant amplitudes (translational and rotational) for soil-
rock and weathered rock-rock system for different H/B ratios which depend on
shear wave velocity ratio. In case of layered media, the response is usually domi-
nated by the first resonant peak and the second peak is entirely suppressed for the
translational case and reverse character can be seen in case of rotational.

It is observed that dimensionless resonant amplitudes (translational and rota-
tional) decrease and natural frequency (both first and second peak) increases with
increase in shear wave velocity ratio. It is further observed that with increase in H/B

Fig. 6 Variation of dimensionless rotational amplitude (Aψ) with shear wave velocity ratio (Vs1/
Vs2) for (Ro/m)2
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ratio the dimensionless resonant amplitudes (translational and rotational) and nat-
ural frequency (both first and second peak) decreases. Also, it is observed that the
value of dimensionless translation amplitude is higher for Ro=mð Þ1 ratio which
represents small foundation as compared to Ro=mð Þ2 ratio. It can be seen that the
natural frequency (both first and second peak) is higher in the case of (Ro /m)1 as
compared to (Ro /m)2 ratio.

The best option as foundation medium for the construction of block foundation in
layered system is the one with high value of shear wave velocity of top layer, due to
the high natural frequency and low resonant amplitudes values of the system. The
normalized graphs proposed for the coupled dynamic behavior of block foundations
resting on soil-rock system, can be useful for practicing engineers and academicians.
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Interior Coupled Structural Acoustic
Analysis in Rectangular Cabin Structures

Sreyashi Das (Pal), Sourav Chandra and Arup Guha Niyogi

Abstract The structural acoustic problem, wherein an acoustic domain is confined
within a partly flexible laminated composite enclosure, subjected to harmonic
excitation, is presented. From the finite element free vibration analysis of the
laminated composite folded plate structure, a mobility relation is derived that relates
the acoustic pressure and structural velocity normal to the containing structure.
A boundary element solver for the Helmholtz equation with 8 noded quadratic
isoparametric elements is developed using pressure-velocity formulation. Velocity
is specified over the rigid part of the boundary, the rest being the interactive
boundary, where the mobility relation correlates nodal pressures and velocities,
neither being explicitly known. The pressure boundary values are solved from the
boundary element equations coupled with the mobility relations, while the velocity
at flexible boundary is computed from mobility relationship. New results presented
here reveal the effects of the variation in thickness of the wall, damping ratio,
different stacking sequences and length of the enclosure on acoustic pressure.

Keywords Cabin � Coupled � Acoustic � Vibration � Laminated � Composites

1 Introduction

The noise produced within the flexible pulsating walls of a cabin-type structure,
forming an acoustic cavity is of particular importance in vehicular and aviation
industries. Typical examples include cabin noise inside vehicles, aircraft fuselages
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and control rooms etc., which are usually modeled by a cavity enclosed inside a
flexible composite structure. High level of interior noise in cabin structure is a
negative factor in the assessment of vehicle quality. Uncontrolled sound lends to
various health hazards like hearing damage along with other ailments like mental
stress, physiological, endocrinal and cardiovascular damages and even fetal disor-
ders. Being thin, flexible and light, the interaction of a cabin structure undergoing
vibration with the enclosed and/or surrounding acoustic field can considerably
modify the acoustic response compared to the case where the cabin is thick and
acoustically rigid. The problem is complicated as the enclosure is laminated
composite in nature, having their own unique behavior pattern. This situation has
resulted in low frequency noise (upto about 200 Hz) which creates uneasiness. An
interior coupled structural acoustic (ICSA) study can assess this response pattern
and can help to design a quiet ambience within aircrafts, vehicles, auditoria, control
rooms, machine rooms, and the like. Thus knowledge of the dynamic behavior and
sound pressure level of an enclosed structure is essential for the design of structures
in different thicknesses, damping conditions and stacking sequences.

Seybert et al. [1] discussed a coupled Finite Element-Boundary Element (FE-BE)
analysis where, the two system matrices, the structural (obtained by using FEM) and
the acoustic (obtained by using BEM), were solved simultaneously. Ohayon et al. [2]
provide a detail discussion on methodologies of fluid-structure analysis, mainly
based on finite element technique. Suzuki et al. [3, 4] solved coupled interior
structural acoustic problems using constant boundary elements and modal methods,
where the boundary integral equations and the structural equations in uncoupled
modal form were solved simultaneously. Recently, Morand and Ohayon [5]
and Ohayon and Soize [6] provided detail discussions on methodologies of fluid-
structure analysis, mainly based on finite element technique. Deu et al. [7] computed
the vibro-acoustic interior problems with interface damping. Gaul and Wenzel [8]
conducted a coupled symmetric FE-BE method of linear acoustic fluid-structure
interaction in time and frequency domain using hybrid boundary element method
(HBEM). He et al. [9] used 3 noded triangular meshes to couple edge-based smooth
FEM with BEM in fluid-structure interaction problem. Li and Cheng [10] developed
a fully coupled vibro-acoustic model to characterize the structural and acoustic
coupling of a flexible panel backed by a rectangular cavity with a tilted wall. Niyogi
et al. [11] accounted for coupled interior vibro-acoustic problem inside laminated
composite enclosure where multiple surfaces of the enclosure can be defined to
interact with the interior acoustic domain.

In this study, coupled finite element—boundary element (FE-BE) method is used
for the analysis. The mobility approach has been adopted to undertake the coupled
analysis. The structure containing the acoustic fluid is an assemblage of flat plates
forming a sort of closed folded plate compartment and analyzed using FEM,
considering transverse shear deformation and rotary inertia. Appropriate transfor-
mations are applied to modify the element matrices from local to global coordinates
before assembly. In the BEM analysis of the acoustic cavity, pressure and velocity
at the surfaces are the primary variables. The mobility relation derived from the
structural analysis is used to eliminate the nodal velocity terms in the zone of
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interaction, and only the nodal pressures are solved in the acoustic BE analysis. The
present research addresses this problem using graphite/epoxy laminated composite
as the cabin building material. Parametric studies, conducted by incorporating
variation in fibre angles, thicknesses, damping ratios and length of cabin, are
provided. If a cabin built of epoxy matrix is found to remain quiet in the intended
range of working frequency, the degree of passive control gained with a cheap
matrix would render the cabins extremely cost-effective.

2 Mathematical Formulation

2.1 Finite Element Analysis of Structure

The mathematical model is complicated by the orthotropic nature of the material.
First order transverse shear deformation based on Yang-Norris-Stavsky (YNS)
theory [12] is used along with rotary inertia of the material. The displacement field
related to mid plane displacement as

u ¼ u0 þ zhy; v ¼ v0 � zhx; w ¼ w0; ux ¼ hy þ w;x; uy ¼ �hx þ w;y ð1Þ

where displacement and rotations follow right hand cork screw rule with z direction
upward. The notations have their usual meaning. φx and φy are shear rotation about
x and y axis respectively.

The stiffness matrix of the plate element assume the form

K½ �e¼
Z

B½ �T D½ � B½ �dA ð2Þ

where, ef g = [B] dif g ð3Þ

{ε} being the strain vector, and {δi} the nodal displacement vector. [B] is the
strain displacement matrix and [D] is the stiffness matrix given by

D½ � ¼
Aij Bij 0
Bij Dij 0
0 0 Alm

2
4

3
5 ð4Þ

where, Aij; Bij; Dij ¼
XN
k¼1

Zzk
zk�1

ðQijÞkðq; z; z2Þdz; i; j¼ 1; 2; 6

and Aij ¼
XN
k¼1

Zzk
zk�1

aðQijÞkdz; l;m¼ 4; 5
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α is a shear correction factor, taken as 5/6, to take account for the non-uniform
distribution of the transverse shear strain across the thickness of the laminate. The
mass matrix of the plate element is given by

M½ �e¼
Z
Ae

N½ �T q½ � N½ � dA ð5Þ

[ρ] being the density matrix functions.
Eight-noded isoparametric plate elements with 6 degrees of freedom per node

have been implemented in the present computations. The stiffness matrix and the
mass matrix of the element are derived by using the principle of minimum potential
energy. The detail of transformation to relate local and global displacements are
already discussed in [13]. Finally, the governing equation can be written as

ð½K 0� � x2
n½M�Þ ¼ 0 ð6Þ

The Eigen problem is solved using the subspace iteration technique so that desired
number of eigenvalues and eigenvectors can be expected. The impedance relation is
obtained from the time derivative of the response relationship of a damped multi-
degree of freedom (MDOF) system under harmonic loading as presented below [14]:

fvg ¼ X½u�diag 2Xxknk þ iðx2
k � X2Þ

ðx2
k � X2Þ2 þ 4ðXxknkÞ2

 !
½u�T

" #
ff geiðXtÞ ð7Þ

Here,Ω is the forcing frequency in rad/s. u½ � denotes the matrix of mass-normalized
mode shapes, ωk is the kth natural frequency of the multi-degree of freedom structure
and ξk is the modal damping ratio of mode k. Only the normal-to-the-boundary com-
ponents of the velocity and forces however are used while coupling the structural and
acoustic domains.

2.2 Boundary Element Analysis of Structure

The governing equation of a time harmonic acoustic problem is given by the
reduced wave (Helmholtz) equation,

r2pþ k2p ¼ 0 ð8Þ

Here, p is the acoustic pressure and k is the wave number.
Assuming the surface is discretized into M number of eight-noded surface ele-

ments, the discretized form of boundary integral equation [11] is given as
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CðpÞpðPÞ þ
XM
m¼1

X8
l¼1

Zþ1

�1

Zþ1

¼1

@p�

@n
ðP;QÞN1ðn1; n2Þp1Jðn1; n2Þdn1dn2

¼
XM
m¼1

X8
l¼1

Zþ1

�1

Zþ1

�1

½�ixqp�ðP;QÞ�N1ðn1; n2Þv1jðn1; n2Þdn1dn2

ð9Þ

Each node of the BE mesh is used once as an observation point and a boundary
element equation is generated. Upon assembly of these equations the system
equation for the acoustic enclosure is found in the form of a set of linear algebraic
equations.

½H�fpg ¼ ½G�fvg ð10Þ

Combining Eqs. (9) and (10), and selecting only the normal velocity and pressure
components on the interacting zone, the final mobility relation is derived as

fvg ¼ ½Q�fpg ð11Þ

where, ½Q� is the desired mobility matrix, while v½ �f g and pf g are the nodal
velocities and pressures, respectively at the interactive boundary.

3 Numerical Results

A FORTRAN program has been developed for the present analysis. The main
program has two modules; FEM tools to generate the mobility relation from free
vibration analysis, and a BEM solver for the acoustic cavity.

3.1 Study on Mesh Convergence

In order to verify the convergence of results with the refinement of finite element
mesh, the first four natural frequencies are computed for a graphite/epoxy (0/90/0/90)
laminated composite box, idealized as a folded plate structure (Fig. 1), using different
mesh sizes. This 3 mm thick laminated composite box structure will be used as an
acoustic container with the left wall acting as a rigid piston.The top and the right
walls are assumed to be flexible, and the remaining walls are assumed to be rigid. The
material properties are as follows: E1 = 130 GPa, E2 = 9.5 GPa, G23 = 0.5,
G12 = 0.5, G13 = 3 GPa, ν12 = 0.3, ρ = 1,600 kg/m3. From Table 1, it is observed that
a 6 × 2 × 2 mesh can be used for all future analyses.

Interior Coupled Structural Acoustic Analysis 1591



3.2 Validation Problem

To validate the ICSA code, a passive, but quite a revealing approach has been
adopted. The interior structural acoustic problem within the box structure, shown in
Fig. 1a, with flexible top and right walls, is adopted for this study. The remaining
four walls are assumed to be acoustically rigid, i.e., their wall thicknesses and
stiffness’s are too high to be influenced by the force that creates acoustic excitement
within the cavity. Two set of numeric tests have been carried out here by varying
wall thicknesses of the flexible walls. The first trial is made with 3 mm thick
flexible walls and next with 15 mm flexible walls. The damping co-efficient is taken
as 1 %. The response of a rigid acoustic cavity is very regular with a wide trough
and regular resonances at an interval of Ω = ncπ/l = 1 × 340 m/s × π/
1.5 m = 712.4 rad/s at the right hand side wall and twice of that at the centre of the
domain [15]. Twenty contributing modes have been taken into account to compute
the mobility relation for 3 mm thick cavity in the ICSA problems. The forcing
frequency is limited to 1,800 rad/s computed at an interval of 2 rad/s. The left hand
wall is set to execute simple harmonic motion where the velocity amplitude is set at
0.001 m/s. The material properties are used as in previous study. The SPL at the
boundary and at domain are plotted in Fig. 2a, b. From the figures it is observed that
when the thickness of the box is increased upto 15 mm, the behaviour is perfectly
rigid [15]. For 3 mm thick cavity, the interaction spikes comes into picture, which
matches quite well with the general understanding. Hence our program works well
and can be used for further study.

(a) P (b)

1.5m 

0.5m 

0.5m 

Fig. 1 a Acoustic enclosure. b Flexible membrane of acoustic cavity

Table 1 Natural frequency
(Hz) for different mesh size Mode Mesh size

5 × 2 × 2 6 × 2 × 2 8 × 2 × 2

1 83.47 83.61 83.00

2 91.77 92.41 92.03

3 110.00 112.19 110.48

4 115.06 116.16 118.01
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3.3 Case Study 1: Variation of Sound Pressure Level
for Different Thickness of Wall of an Enclosed Acoustic
Cavity

In this study, the variation of SPL (dB) is shown in an enclosed cavity with wall
thickness of 2, 3 and 5 mm made up of graphite/epoxy laminate (0°/90°)2. The
damping ratio is kept constant (1 %) in this case. Table 2 shows the first six natural
frequencies for different wall thickness. The variation of SPL for the above men-
tioned three cases is shown graphically at point P on the right wall (1.5, 0.25 and
0.25 m) and at the centre of the domain (0.75, 0.25 and 0.25 m), respectively, in
Fig. 3a, b.

Fig. 2 a Variation of SPL
(dB) at the boundary point
P. b Variation of SPL (dB) at
domain (0.75, 0.25, 0.25)
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That with increase in thickness, the stiffness of the box structure increases is
clearly evident from Table 2. Due to change in stiffness, the nature of variation of
SPL, also changes. For rigid acoustics, the resonances at the right wall should
appear at 0 rad/s, and would repeat after every (π × sound speed in air/length)
712.4 rad/s increment of forcing frequency [15].

Table 2 First six natural frequencies (rad/s) of cabin for different wall thickness

Mode 2 mm 3 mm 5 mm Mode 2 mm 3 mm 5 mm

1 352.642 525.571 867.659 4 489.955 730.449 1206.254

2 393.414 580.864 948.533 5 608.640 903.664 1468.482

3 480.733 705.357 1130.936 6 737.562 1102.516 1819.749

Fig. 3 a Variation of SPL
(dB) at the boundary point P
for different wall thickness.
b Variation of SPL (dB) at
domain (0.75, 0.25, 0.25) for
different wall thickness
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From Table 2 we see that the first three dry structural natural frequency of 2 mm
thick cavity is 352.642, 393.414 and 480.733 rad/s. Here in Fig. 3a, the first spike is
developed at 384 rad/s with SPL 92.6 dB, not exactly at their first natural frequency
but slightly higher than that since the contained air adds to the dry structural stiff-
ness. For 3 mm thick cavity, the fundamental frequency is 525.6 rad/s. here, upto
nearly 450 rad/s rigid acoustic nature comes. After that interaction curves started.
Similar nature is observed for 5 mm thick cavity. A sharp drop in SPL (8 dB) is
observed near 1,200 rad/s for 5 mm thick cavity. The highest peak is present near
694 rad/s with 129 dB for this case. In Fig. 3b, the SPL at the domain starts deviating
from rigid acoustic behavior just after first natural frequency. In general 5 mm thick
cavity gives higher SPL level at the boundary compared to others.

3.4 Case Study 2: Variation of SPL for Symmetric and Anti-
symmetric Cross Ply in an Enclosed Acoustic Cavity

In this case, the same box structure as used in case study 1, is taken for analysis.
The SPL (dB) at the boundary and at domain, are compared for symmetric and anti-
symmetric cross ply laminates, namely (0/90)2 and (0/90)s. Table 3 gives the first
six natural frequencies of laminated composite structure of above mentioned fiber
arrangements.

From Table 3 we can see that (0/90/90/0) gives the lowest natural frequency at
356.389 rad/s whereas (0/90/0/90) gives the highest natural frequency at
525.571 rad/s. This indicates that composite structure with (0/90/0/90) fibre angle is
stiffer compared to (0/90/90/0). As a result there is a sharp change in pattern of SPL
(Fig. 4a, b). (0/90/0/90) laminates give rigid acoustic behavior upto its first natural
frequency. There is no sharp peak near first acoustic mode. This is due to presence
of third natural frequency near 712.4 rad/s which is its first acoustic mode.In
Fig. 4b, in the domain also similar behavior is observed.

Table 3 First six natural frequencies (rad/s) for an enclosed cavity for different stacking sequence,
3 mm, ξ = 1.0 %

Mode 0/90/0/90 0/90/90/0 Mode 0/90/0/90 0/90/90/0

1 525.571 356.389 4 730.449 796.606

2 580.864 471.595 5 903.664 1032.072

3 705.357 708.636 6 1102.516 1346.837
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3.5 Case Study 3: Variation of Sound Pressure Level
for Different Damping Ratio in an Enclosed Acoustic
Cavity

In this study, the variation of SPL (dB) is obtained due to variation in modal
damping ratio. The damping ratio ξ is varied from 0.5 to 1 to 2 %. The variation of
SPL is shown graphically at point P on the right wall in Fig. 5a, b. The box
thickness taken as 3 mm for the experiment. The lay-up sequence is taken as (0/90/
0/90). From Fig. 5a, b it is evident that there is no change in stiffness when the
damping ratio changes. Only the peak value reduces with increased damping ratio
both for SPL at the boundary and at the domain. For example, near 660 rad/s, the
SPL for 0.5 % damping ratio is 106.3 dB whereas for 1 % damping ratio the SPL
reduces to 101 dB and for 2 % damping the SPL reduces to 96.2 dB Similar nature

Fig. 4 a Variation of SPL
(dB) at boundary point
P. b Variation of SPL (dB) at
(0.75, 0.25, 0.25)
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is obtained in domain analysis also. From Fig. 5a, b, it can be observed that higher
damping ratio truncates the peaks to render the overall response patterns smoother
generating a narrower response band. But they do not influence the response when
the response pattern is smooth and spikes are absent.

3.6 Case Study 4: Variation of Sound Pressure Level
for Variation of Length of an Enclosed Acoustic Cavity

In this study the box length has been changed from 1.5 to 1.8 m. As a result, the
stiffness of the box structure changes. First eight natural frequencies are given in
Table 4. From the table it is observed that the stiffness of the box structure reduces
with increase in length. The SPL at the boundary and at the domain also changes

Fig. 5 a Variation of SPL
(dB) at boundary point P for
different damping ratios.
b Variation of SPL (dB) at
domain (0.75, 0.25, 0.25) for
different damping ratios
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considerably as observed from Fig. 6a, b. Between 300 and 1,100 rad/s, a clear
interaction graph is visible. This is due to interaction between its structural and
acoustic modes. But the 7th mode frequency is observed to be above 2,000 rad/s.
Hence, after 1,100 rad/s the SPL curve becomes smooth showing only the rigid
acoustic mode.

Table 4 First eight natural frequencies (rad/s) for an enclosed cavity for different box dimension,
3 mm, ξ = 1.0 %

Mode 1.5 m × 0.5 m ×
0.5 m

1.8 m × 0.5 m ×
0.5 m

Mode 1.5 m × 0.5 m ×
0.5 m

1.8 m × 0.5 m ×
0.5 m

1 525.571 519.300 5 903.664 742.386
2 580.864 551.538 6 1102.516 864.736
3 705.357 628.347 7 2268.522 2194.132
4 730.449 721.348 8 5582.344 3210.505

Fig. 6 a Variation of SPL
(dB) at boundary point P for
different box length.
b Variation of SPL (dB) at
domain (0.75, 0.25, 0.25) for
different box length
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4 Conclusion

The present study offers a very general FE-BE procedure to deal with interior
acoustic problems coupled with partly flexible laminated composite enclosures. In
mobility method of ICSA, the mobility relation is drawn from free vibration
analysis of the cabin and plugging it in the pressure-velocity boundary element
formulation of the interior acoustic domain in frequency domain. A thicker acoustic
cavity, in general, produces higher acoustic response near the rigid acoustic modes
compared to a thinner cavity. The cavities with thicker walls manifest interactions at
higher forcing frequencies. Till such forcing frequency is attained, the effect of
structural damping too is not visible. If the cavity damping is increased, the kinks
visible in the SPL plot are truncated in amplitude at either end making the overall
response pattern appear smoother. Thus, higher damping coefficient generates an
acoustic response restricted within a narrow decibel band. Damping does not
influence the response of SPL when the sound pressure level is passing through a
saddle and spikes are absent. Fibre angle also plays an important role in the SPL in
an acoustic cavity.
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Experimental and Numerical Analysis
of Cracked Shaft in Viscous Medium
at Finite Region

Adik R. Yadao and Dayal R. Parhi

Abstract The present investigation is an attempt to evaluate the dynamic behaviors
of cantilever cracked shaft with attached mass at the end of the shaft in viscous
medium at finite region. In this work we focused on the theoretical expression
which is developed for finding the fundamental natural frequency and amplitude of
the shaft with attached mass using influence co-efficient method. External fluid
forces are analyzed by the Navier Stoke’s equation. Viscosity of fluid and relative
crack depth is taken as main variable parameters. In this investigation, the presence
of transverse crack in the shaft has been considered. After that the suitable theo-
retical expressions are considered, and coding is done using Matlab. Further
experimental verification have also done to prove the validity of the theory which is
developed so far.

Keywords Crack location � Crack depth � Viscous medium � Influence coefficient
method

Nomenclature

A1 Shaft cross-sectional area
a1 Crack depth
D Diameter of the shaft
δ Whirling radius of the shaft
i Modulus of elasticity of shaft material
ɛ Eccentricity
Fx, Fy Fluid forces on shaft in x and y direction, respectively
β Relative crack depth (a1/D)
α Relative crack position (L1/L)
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I Section moment of inertia of the shaft
L Total length of the shaft
L1 Cracked position from left side of shaft
Ms Mass of the shaft per unit length
M Fluid mass displaced by the shaft per unit length
P Pressure
R1 Radius of the shaft
R2 Radius of the cylinder
u Radial flow velocity
v Tangential flow velocity
t Coefficient of viscosity
μ Poisson’s ratio
ƍ Fluid density
ω Rotating speed
ω0 Natural angular frequency of the shaft
Ω Angular velocity of whirling
44-Dirn Direction perpendicular to crack
55-Dirn Direction along the crack

1 Introduction

Dynamic analysis of rotating shaft has been given at most importance in field of
vibration because of frequent failure of such shaft in industrial application as crack
on such shaft aggravates the failure, investigation for dynamic analysis of rotor with
crack is essential for safe design. Moreover when a shaft rotates in a viscous
medium with crack on it. The dynamic analysis of such system becomes more
complicated and difficult. Mario et al. [1] have developed a hybrid-mixed stress
finite element model for the dynamic analysis of structure assuming a physically
and geometrically linear behavior. Wang et al. [2] have studied the methodical
approach sort out the confines of wind turbine models in analyzing the complex
dynamic response of tower blade interaction. Hashemi et al. [3] have studied a finite
element formulation for vibration analysis of rotating thick plate. Plate modeling
developed by utilizes the Mindlin plate theory combine with second order strain-
displacement. Juna and Gadalab [4] have analyzed the dynamic behavior of cracked
rotor by using the additional slope and bending moment at crack position. Pen-
nacchi [5] have analyzed the shaft vibrations of a 100 MW for that proposed a
model based diagnostic methodology which is help full to identified a crack in a
load coupling of a gas turbine before happening a serious failure problem. Sino
et al. [6] have studied the dynamic analysis of an internally damped rotating
composite shaft. Nerantzaki et al. [7] have proposed the boundary element method
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meant for the nonlinear free and force vibration of circular plates with varying
thickness undergoing large deflection. Zhou et al. [8] have studied the experimental
authentication of the theoretical results is required, particularly for the nonlinear
dynamic behavior of the cracked rotor. The crack in the rotor was replicated by a
real fatigue crack, as a substitute of a narrow slot. Nandi [9] have presented a simple
method of reduction for finite element model of non-axisymmetric rotors on no
isotropic spring support in a rotating frame.

In this investigation, an organized analysis for the vibrational behavior of a
cantilever cracked shaft in viscous medium at finite region is obtainable. Damping
effect due to viscous fluid is determined with the help of Navier Stoke’s equation.
Natural frequency of the shaft used for finding the critical speed of the system is
determined using the influence coefficients method.

2 Theoretical Analysis

2.1 Equation of Motion

The Navier-Stoke equation for fluid velocity is expressed in the polar co-ordinate
system r-θ as follows,

@u
@t

¼ � 1
q
@p
@r

þ m
@2u
@r2

þ 1
r
@u
@r

� u
r2

þ 1
r2
@2u

@h2
� 2
r2

@v
@h

� �
ð1aÞ

@v
@t

¼ � 1
qr

@p
@h

þ m
@2v
@r2

þ 1
r
@v
@r

� v
r2

þ 1
r2

@2v

@h2
þ 2
r2
@u
@h

� �
ð1bÞ

where u and v denote flow velocities in radial and tangential directions, respec-
tively, and p means a pressure. Rewriting the above equation with the help of a
stream function W r; h; tð Þ the above equation can be written as,

We obtain,

r4w� 1
m

� �
@

@t
r2w
� � ¼ 0 ð2Þ

When the shaft is immersed in a fixed circular cylindrical fluid region with radius
R2, The boundary conditions for r = R2 are,

ur¼R2 ¼ vr¼R2 ¼ 0 ð3Þ

The non-stationary components of flow velocities induced by the whirling
motion of a shaft are given as follows
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2.2 Analysis of Fluid Forces

Substitute the flow velocities given by Eq. (4a, 4b) into Eq. (1a, 1b), the non-
stationary component of pressure p can be written as

p ¼
Z

@p
@h

@h ¼ dqx2 �A
r

R2
1 þ Br

� �
eiðxt�hÞ ð5Þ

The coordinates of the center of the shaft are x ¼ d cosxt and m ¼ d sinxt

Fx ¼ �m Re Hð Þ d
2x
dt2

þ mx Im Hð Þ dx
dt

ð6aÞ

Fy ¼ �m Re Hð Þ d
2y
dt2

þ mx Im Hð Þ dx
dt

ð6bÞ

2.3 Analysis of Cracked Cantilever Shaft
with Mass at Free End

In the current analysis a lumped mass at the free end of the cantilever rotating
cracked shaft submerged in finite fluid region is considered. If a disk with mass Ms1

is attached with the end span of the shaft, a total lumped mass of the shaft is given
by the expression

M1Ms ¼ Ms1 þ aeq1Ms2 and M2Ms ¼ Ms1 þ aeq2Ms2 ð7Þ
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The total dimensionless deflection in ‘X’ and ‘Y’ direction, when the 44-dirn

(perpendicular to crack) and 55-dirn (along the crack) coincide with X-axis and
Y-axis respectively is,

d�n¼1 ¼ d�44 ¼ n44 þ n55 and d�n¼2 ¼ d�55 ¼ g44 þ g55 ð9Þ

In this investigation, consider the dimensionless deflection in 44-dirn (perpen-
dicular to crack).

3 Numerical Results and Discussion

In the current investigation, the mild steel cantilever cracked shaft with a disc
attached at the free end in viscous fluid at finite region has the following
specification.

(1) Density of material ƍ = 7,830 kg/m3

(2) Modulus of elasticity E = 2.1 × 1011 N/m2

(3) Length of the shaft L = 1.3 m
(4) Radius of the shaft R1 = 0.01 m
(5) Radius of disc RD = 0.035 m
(6) Length of disc LD = 0.035 m
(7) Damping coefficient of viscous fluid ‘ν’ = 2.3/0.427/0.0633 Stokes.
(8) Equivalent mass of fluid displaced ‘M*’ = 0.158/0.1534/0.144
(9) Gap ratio q = (R2 − R1)/R1 = 20

Illustrations the effect of varying the viscosity of the fluid and crack depth at
constant location on the frequency and amplitude of the cantilever cracked shaft
with additional mass. In Figs. 1, 2 and 3 the graph are plotted between dimen-
sionless amplitude ratio and frequency ratio. It is observed that as the crack depth
increase the resonance frequency decreases. It is also found that as the viscosity of
the fluid increase the amplitude of vibration decrease, due to increase in crack depth
the corresponding amplitude of vibration under same condition decreases.
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4 Experimental Analysis

The experiment are accompanied by cantilever cracked shaft with additional mass
at the free end which is rotating in viscous medium for determining the amplitude of
vibration by varying damping coefficient of viscosity of fluid and crack depth of
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Fig. 1 Frequency ratio vs. Dimensionless amplitude ratio. Mild steel shaft (R1=0.01m, L=1.3m,
q=20, β=0.28, α =0.185)
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Fig. 2 Frequency ratio vs. dimensionless amplitude ratio. Mild steel shaft (R1 = 0.01 m,
L = 1.3 m, q = 20, β = 0.38, α = 0.185)
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Fig. 3 Frequency ratio vs. dimensionless amplitude ratio. Mild steel shaft (R1 = 0.01 m,
L = 1.3 m, q = 20, β = 0.48, α = 0.185)

Fig. 4 Schematic diagram of
experimental Setup
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shaft. The speed is controlled by a variac which is connected to the motor shaft
from the fixed end of the cantilever shaft. From the free end of shaft the amplitude
of the vibration was measured with the help of vibration pick-up device and
vibration indicator for cantilever cracked shaft rotating in different viscous fluid and
with the different crack depth. The experimental setup is shown in Fig. 4. The
experimental and theoretical values are compared in Tables 1 and 2.

Table 1 Influence of crack depth on the amplitude ratio

Serial
no.

Theoretical Experimental %Error

V = 0.0633 (stokes) V = 0.0633 (stokes) V = 0.0633 (stokes)

β1 β2 β3 β1 β2 β3 β1 β2 β3

0.25 0.35 0.45 0.25 0.35 0.45 0.25 0.35 0.45

1 4.41 4.46 4.50 4.59 4.62 4.66 4.2 3.8 3.6

2 12.90 10.22 8.36 13.41 10.64 8.76 4.0 4.2 4.9

3 67.12 67.75 19.28 70.40 69.71 20.03 4.9 2.9 3.9

4 96.67 85.61 69.34 99.76 89.61 72.52 3.2 4.8 4.6

5 121.64 89.79 75.46 125.77 94.49 77.57 3.4 5.3 2.8

6 110.26 83.21 67.82 114.22 86.37 71.55 3.6 3.8 5.5

7 88.04 71.25 54.93 91.38 74.10 57.23 3.8 4.8 4.2

8 62.25 54.64 44.04 65.17 56.88 45.88 4.7 4.1 4.2

9 18.28 25.31 12.80 18.81 26.27 13.41 2.9 3.8 4.8

10 8.02 7.84 7.72 8.32 8.26 8.09 3.8 5.4 4.9

Table 2 Influences of varying viscosity of fluid on the amplitude radio

S.N Theoretical Experimental %Error

V = 0.0633 (stokes) V = 0.0633 (stokes) V = 0.0633 (stokes)

v1 v2 v3 v1 v2 v3 v1 v2 v3
2.3 0.427 0.0633 2.3 0.427 0.0633 2.3 0.427 0.0633

1 5.01 4.68 4.41 5.26 4.87 4.59 5.1 4.2 4.2

2 9.28 8.91 12.90 9.51 9.23 13.41 2.9 3.7 4.0

3 14.26 21.00 67.12 14.74 21.56 70.4 3.4 2.7 4.9

4 13.38 40.54 96.67 14.08 42.20 99.76 5.3 4.1 3.2

5 13.08 38.24 121.64 13.62 40.07 125.77 4.2 4.8 3.4

6 12.45 34.64 110.26 12.83 35.99 114.22 3.1 3.9 3.6

7 11.96 29.58 88.04 12.48 30.43 91.38 4.4 2.9 3.8

8 11.48 27.28 62.25 11.91 28.31 65.17 3.8 3.8 4.7

9 7.62 13.92 18.28 7.89 14.53 18.81 3.6 4.4 2.9

10 5.64 7.16 8.02 5.83 7.46 8.31 3.4 4.3 3.8
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5 Conclusion

In this article, dynamic behavior of spinning cantilever cracked shaft with attached
mass at the free end in viscous medium at finite area has been evaluated numerically
which have authenticated by the experimentally. From above we conclude that as
the viscosity of external fluid increases there is a decreases in the amplitude of
vibration of shaft also it is establish that as the crack depth increase with constant
location the natural frequency and amplitude of vibration of cracked shaft are
decrease and the rate of decrease is faster with increase in crack depth. This
investigation can also be used for rotating shaft in viscous medium such as long
rotating shafts used in drilling rigs, high speed centrifugal and high speed turbine
rotor etc.
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