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Introduction

Piles are routinely used as foundations to support
short-to-medium span bridges and buildings typ-
ically over four stories and other structures. Col-
lapse and/or severe damage of pile-supported
structures is still observed in liquefiable soils
after most major earthquakes such as the 1995
Kobe earthquake (Japan), the 1999 Kocaeli earth-
quake (Turkey), and the 2001 Bhuj earthquake
(India). The failures not only occurred in laterally
spreading (sloping) ground but were also
observed in level ground where no lateral spread-
ing would be anticipated. A good discussion on
the failure modes can be found in Bhattacharya
and Madabhushi (2008).
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The failures were often accompanied by set-
tlement and tilting of the superstructure, render-
ing it either useless or very expensive to
rehabilitate after the earthquake. Following the
1995 Kobe earthquake, investigations have been
carried out to find the failure pattern of the piles.
Piles were excavated or extracted from the sub-
soil, borehole cameras were used to take photo-
graphs, and pile integrity tests were carried out.
These studies hinted at the location of the cracks
and damage patterns for the piles. Of particular
interest is the formation of plastic hinges in the
piles. This indicates that the stresses in the pile
during and after liquefaction exceeded the yield
stress of the material of the pile, despite large
factors of safety which were employed in the
design. Hinges were found to have occurred
at various depths along the pile: at the pile head,
at the middle of the liquefiable layer, and toward
the interface of liquefiable/non-liquefiable layer.
In this context it must be mentioned that piles
are currently designed with adequate factor of
safety for geotechnical load-carrying capacity
(maximum allowable load in the pile) and against
bending failure. Bending moment can occur in a
pile due to lateral loads arising from: (a) inertia
load acting at the pile head and (b) kinematic
loads from the ground. Further discussion on the
dynamics of the problem can be found in
Adhikari and Bhattacharya (2008).

Liquefaction of soil around the pile can
affect a pile-supported structure in the following
ways:
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1. A pile will be laterally unsupported in the
zone of liquefaction, i.e., no lateral restraint
from the soil to the pile in the liquefied zone.
As a result, a pile may be vulnerable to
buckling instability if the axial load is high
enough and the unsupported length of pile is
sufficient.

2. The pile will lose its shaft resistance in the
zone of liquefaction, i.e., no liquefied soil-
pile friction, and as a result the axial load on
the pile in the liquefiable zone will increase.

3. The time period of the structure will change due
to liquefaction as the foundation becomes flex-
ible. While calculating the period of a building
under non-liquefied condition, it is assumed
that foundation is rigid, and as a result only
the dimensions of the buildings are adequate
to obtain the period. However, as soon as a soil
liquefies, the time period may increase.

4. The damping of a pile-supported structure also
increases during and after liquefaction.

The above mechanisms were verified experi-
mentally by carefully designed model tests and
can be found in Bhattacharya (2003),
Bhattacharya et al. (2004), Bhattacharya
et al. (2005), and Lombardi and Bhattacharya
(2014). Bhattacharya (2003) showed through
dynamic centrifuge tests that axial load alone
can cause a pile to fail if the surrounding soil
liquefies in an earthquake and the mechanism
being buckling instability.

Lombardi and Bhattacharya (2014) showed
through high-quality shaking table tests that the
time period of pile-supported structures will
increase owing to liquefaction. In the experi-
ments, the soil was liquefied progressively
through a broadband white noise signal with
increasing magnitude. Furthermore, they also
showed that the overall damping ratio of the
structures may increase in excess of 20 %.
These have important design implications.

All current design methods, such as JRA
(1996), NEHRP (2000), IS 1893 (2001), and
Eurocode 8 (CEN 2004), focused on bending
strength of the pile to avoid bending failure due
to lateral loads (combination of inertia and lateral
spreading). In contrast to these conventional
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design codes, which advocate bending mecha-
nism as the main design consideration, recent
research showed that an axially loaded pile can
be laterally unsupported in liquefied soils and is
susceptible to buckling failure.

Buckling instability under the interaction of
axial and lateral loads can be a more critical
design consideration because of its sudden nature
and sensitivity to imperfection; see, for example,
Dash et al. (2010). More recently, Bhattacharya
et al. (2009) included the effects of dynamics on
the combined axial and lateral loads on a pile
foundation. Essentially, piles in liquefied soils
may be better regarded as columns carrying lat-
eral loads rather than laterally loaded beams.

In design, beam bending and column buckling
are approached differently. Bending is a stable
mechanism as long as the pile remains elastic
and secondary failure (e.g., local buckling) is not
a possibility. This failure mode depends on the
bending strength (e.g., yield moment capacity
and plastic moment capacity) of the member
under consideration. In contrast, buckling is an
unstable mechanism and it occurs suddenly and
drastically when the elastic critical load is reached.
It is the most destructive mode of failure and
depends on the geometrical properties of the mem-
ber, i.e., slenderness ratio, rather than the member
strength. For example, steel pipe piles with iden-
tical length and diameter but having different yield
strengths (e.g., 200 MPa, 500 MPa, and
1,000 MPa) will buckle at similar axial loads but
can resist different amounts of bending. In other
words, bending failure may be avoided by increas-
ing the yield strength of the material, but it may not
suffice to avoid buckling. To prevent buckling
failure, there should be a minimum pile diameter
depending on the depth of liquefiable soils. There-
fore, designing against bending would not auto-
matically satisfy buckling requirements. It is
envisaged that there are plenty of existing pile-
supported structures that may need retrofitting.

This entry therefore describes a probabilistic
and a deterministic method to assess the reliability
of pile foundation for a scenario earthquake.
Before the methodology is described, a discussion
is presented on the main loading on pile founda-
tions during earthquakes in liquefiable soils.
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Methodology

Different Stages of Loading on a Pile-
Supported Structure During Earthquakes
Figure 1 shows the different stages of loading
of a pile-supported structure during a seismic
liquefaction-induced event. Py,yi1y (Stage I) repre-
sents the axial load on the piles in normal condition.
This can be estimated based on static equilibrium.
This axial compressive load may increase/decrease
further by Ve due to inertial effect of the super-
structure and kinematic effects of the soil flow past
the foundation. Hjenia1 1S the inertial lateral loads
due to the oscillation of superstructure (Stage Il and
III). Ground movement causes kinematic loads on
the pile foundations. This load can be of two types:
transient (during shaking, due to the dynamic
effects of the soil mass) and residual (after the
shaking ceased due to soil flow, often known as
“lateral spreading”) (Stage IV). The various forms
of feasible failure mechanisms of pile foundations
are shear failure, bending failure, buckling instabil-
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Formulation
Bhattacharya (2006) discusses the deterministic
approach to determine the factor of safety of
pile foundations against the buckling instability
failure. Bhattacharya and Goda (2013)
developed a probabilistic procedure for determin-
ing the occurrence of a buckling failure of
existing piled foundations due to a scenario
earthquake.

The methodology is based on assessing two
length parameters:

1. Critical length of a pile denoted (Hc). Essen-
tially this is the unsupported length of the pile
that can sustain without collapse due to com-
bined axial and lateral loading. This can be
estimated based on manipulation of the
Euler’s buckling load equation considering
the correct boundary condition of the pile.
Specifically Hc depends on the type and
dimension of superstructure (bridge or build-
ing), bending stiffness, axial load acting
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Safety Assessment of
Piled Buildings in
Liquefiable Soils:

Safe against
buckling-bendin
interaction: He > Dy

Unsafe against
buckling-bendin
interaction: He < Dy

Mathematical Tools,
Fig. 2 Concept of critical
length (Hc) and
unsupported length (Dy)

I:l soft layer D

Liquefied

Unsupported pile
length Dy

superstructure, and boundary conditions of the
pile at the top and bottom of the liquefiable
layer.

2. Length of unsupported pile due to liquefaction
(DL): this can be obtained based on the depth
of liquefaction due to the design earthquake.

Figure 2 shows the concept of the two lengths.
Comparing Hc with Dy, potential failure of the
underground pile due to buckling is predicted
when He < Dy (see Figs. 1 and 2). In reliability
terms, Hc is the capacity variable, while Dy is the
demand term, and thus the failure criterion can be
regarded as the limit state function:

g=(Hc—Dyp) (D

Probabilistic and Deterministic Approach

In a deterministic approach, we obtain a single
value of the two parameters and can obtain the
factor of safety against failure. However, the
advantages of assessing using probabilistic
approach are (i) the outcome is expressed as a
(estimated) likelihood of failure by taking into
account various sources of uncertainty involved
in the assessment; (ii) sensitivity analysis can be
conducted to identify key factors that affect the
outcome (the results are useful to improve the

Critical pile
depth He Unsupported pile

length D

Non-liquefied
hard layer

methodology and tool); and (iii) the probabilistic
framework provides a straightforward way to
integrate geotechnical assessment tools into
existing probabilistic seismic hazard methods as
well as decision-support tools for implementing
earthquake risk mitigation measures (Fig. 3).

Step-by-Step Methodology
The steps are:

(a) Estimation of peak ground acceleration
(PGA) at building/bridge site: The assess-
ment of Dy requires (i) estimation of ground
motion parameters (typically, peak ground
acceleration (PGA)) at a building site due to
a specified scenario and (ii) assessment of
liquefaction initiation potential at different
depths along the pile length. Equation 2 is a
typical equation to obtain PGA.

Log PGAbldg :f(MW’Rb]dg’ Vo, bldg) + ébldg (@)

where PGAy,q, is PGA value at the building
site, M, is the moment magnitude, R is the
distance measured (typically closest distance
to fault rupture plane), Vsso is the average
shear-wave velocity in the uppermost 30 m
in (m/s), and &4, is the random error that is
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PGA, M, time history data
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Assessment of unsupported pile length Dy,

Estimation of seismic effects at the building
site given those at the recording site

SPT-based liquefaction potential evaluation

Assessment of critical pile length H¢

Estimation of buckling load per pile
(pile fixity/boundary conditions)

Dynamic amplification factor

YES

Hc <Dy,

NO | Check pile stability against

bending failure mechanisms

Pile foundation failure due
to buckling mechanism

modeled as a normal variable with zero mean
and logarithmic standard deviation.

(b) Assessment of the depth of liquefiable soil:

The next step is to conduct probabilistic lig-
uefaction potential evaluation of a soil column
(along a pile) at the building site to estimate
Dy for a given seismic excitation level. Such
assessment is often conducted by using sim-
plified stress-based methods of Seed and Idriss
(1971) based on standard penetration test
(SPT) data, cone penetration test (CPT) data,
and shear-wave velocity (V) data. Recently,
probabilistic procedures for liquefaction initi-
ation have been developed by considering dif-
ferent in situ measures for describing soil
strength. Using a sophisticated Bayesian
regression analysis and well-screened case

Pr=9

Safety Assessment of Piled Buildings in Liquefiable Soils: Mathematical Tools, Fig. 3 Schematic diagram
showing the methodology

studies, Cetin et al. (2002, 2004) developed a
statistical model for calculating the probabil-
ity of liquefaction initiation based on SPT
data, while Moss et al. (2006) developed a
counterpart using CPT data. Using the first-
order reliability method, Juang et al. (2005)
developed a similar model based on Vg data.
The significance of these developed models is
that key uncertainties associated with the input
data/parameters and the adopted models them-
selves are taken into account; the developed
models can produce unbiased potential of lig-
uefaction initiation and are useful to conduct
probabilistic liquefaction hazard analysis
(Goda et al. 2011). The probability of lique-
faction initiation Py at a depth of interest can
be estimated as

< N1,60(1+0.004FC) — 13.32In(CSR.,)

—29.53In(M,,) —3.70In(c, /P,)) +0.05FC + 16.85)
27

3

where ® is the standard normal function,
Nj 60 is the corrected SPT counts (but not

adjusted for fines content), FC is the fines
content (in percentage), CSR.q is the cyclic
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Fig. 4 Depth required for
fixity a pile

stress ratio (but not adjusted for the moment
magnitude), and ¢’ is the vertical effective
stress.

(c) Unsupported length of the pile (Dy,): The
next step is to determine the unsupported pile
length (Dy ) based on the liquefaction profile.
D, is equal to the thickness of liquefied soil
layers plus some additional length necessary
for fixity at the bottom of the liquefied soils.
Typical calculations show that the fixity
depth is about three to five times the diameter
of the pile (see Fig. 4); see Bhattacharya and
Goda (2013). If a relatively thin non-liquefied
layer is overlain and underlain by thick lig-
uefied layers, lateral restraint of the pile at the
non-liquefied layer might not be expected,
i.e., the pile is unsupported. In such a case,
the thin non-liquefied layer can be ignored in
determining Dy, and the unsupported length
needs to be extended until a thick
non-liquefied layer is encountered. However,
if there is a complex soil profile with alter-
nating liquefiable and non-liquefiable soil
layers, more detailed analysis is required.

(d) Assessment of the critical pile length H:
This section describes the mathematical
background behind the rationale of obtaining
the critical pile depth Hc. Before the onset of
shaking, the static axial load Py acts on

Ratio of required embedment for
pile fixity (Dgy) to pile diameter (d)
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—8— Concrete pile
—&— Steel tubular pile
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Pile diameter d (m)

each pile beneath a building, assuming that
each pile is equally loaded during static con-
dition and neglecting any eccentricity of
loading. During an earthquake, inertial action
of the superstructure imposes the dynamic
axial load on the piles, which will increase
the axial load on some piles. These piles with
increased axial loads may be vulnerable to
buckling. An estimate of the maximum axial
compressive load acting on a pile can be
given by

denamic = (1 + OC)Pstatic (4)
where o is termed as the dynamic axial load
factor and is a function of type of superstructure,
height of the center of mass of the superstructure,
and characteristics of the earthquake shaking
(e.g., frequency content and amplitude).

For buckling instability analysis, each pile
needs to be evaluated with respect to its end
conditions, i.e., fixed, pinned, or free. Each pile
in a group of identical piles will have the same
buckling resistance as a single pile. If a group of
piles is fixed in a stiff pile cap and embedded
sufficiently at the tip, as in Fig. 2, the pile group
will buckle in side sway.

The elastic critical load of a single pile, P,
can be estimated as
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Boundary condition of the pile at the top and bottom

of the liquefied layer Effective
Top Bottom length K Examples
Fixed Fixed [sufficient L= 0.5H, | 0.5 |Pile groups with raked piles

embedment at the
dense layer]
Free to translate but
restrained against
rotation — sway frame

Pinned [insufficient
embedment at the
dense layer]

Free to translate but Fixed [sufficient

restrained against embedment at the

rotation — sway frame dense layer]

Fixed in direction but free | Fixed [sufficient

to rotate embedment at the
dense layer]

Fixed in direction but free | Pinned [less

to rotate embedment at the
dense layer]

Free, i.e., unrestrained Fixed [sufficient

embedment at the
dense layer]

against rotation and
displacement

n2El

P, = 4
(Letr)” @

where L. is the effective length, i.e., Euler’s
equivalent buckling length of a strut pinned at
both ends, and EI is the bending stiffness of the
pile. The effective length of the pile (L.s) can be
found in Table 1 or from any structural mechan-
ics textbook or codes of practice. The
unsupported length of the pile Dy is equal to the
thickness of liquefiable soil plus some additional
length necessary for fixity at the bottom of the
liquefiable soil.

The applicability of the elastic critical load, as
in Eq. 4, to pile buckling failure is an important
factor. Experiments show that the actual failure
load of a slender column is much lower than that
predicted by Eq. 4. Rankine (1866) recognized
that the actual failure involves an interaction
between elastic and plastic modes of failure. Lat-
eral loads and inevitable geometrical imperfec-
tion lead to creation of bending moments in
addition to axial loads. Bending moments have
to be accompanied by stress resultants that dimin-
ish the cross-sectional area available for carrying
the axial load; thus the actual failure load is likely
to be less than the elastic critical load,

Legs = 2H, 2

Legr =

Legt

Legr =

chf

See, for example, NFCH (Niigata
Family Court House) building in
Bhattacharya (2003)

=H, 1 Most cases fall under such category;
see, for example, Fig. 2

=0.7H. |0.7 |Pile groups with raked piles. Improper
pile-pile cap connection

=H, 1 Pile groups with raked piles. Improper
pile-pile cap connection

=2H, 2 Piles in arow such as the Showa Bridge

piles

i.e., Prajlure < Pcr- Equally, the growth of plastic
bending zones reduces the effective elastic mod-
ulus of the section, thereby resulting in the
decreased critical load for buckling (i.e., capac-
ity). Furthermore, these processes feed each
other, and as elastic critical loads are approached,
all bending effects are magnified. Stability anal-
ysis of elastic columns showed that if lateral
loads in the absence of axial load would create a
maximum lateral displacement d in the critical
mode shape of buckling, then the displacement ¢
under the same lateral loads but with the concur-
rent axial load P is given by

0 1

S 1—PJP, )
The term 8/ is the buckling amplification factor
(i.e., amplification of lateral displacement due to
the presence of the axial load). Figure 5 presents a
graph of the buckling amplification factor plotted
against the normalized axial load P/P., where
P denotes the applied axial load. It can be
observed from Fig. 5 and Eq. 6 that if the applied
load is 50 % of P, the amplification of lateral
deflection due to lateral loads is about two times.
At these large deflections, secondary moments
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Fig. 5 Buckling
amplification factor versus
normalized axial load

Buckling amplification factor 6/8¢

will be generated due to P-A moment, leading to
more deflection. It is therefore important to
remain in the linear regime and not in anyway
near the asymptotic region, where the buckling
amplification factor increases dramatically (e.g.,
P[P > 0.6).

Moreover, it would also be unwise to use a
factor of safety less than three against the Euler
load of a pile, i.e., (P/P.;, = 0.33). Such consid-
eration is consistent with general design practice
where structural engineers use a factor of safety
of at least three against linear elastic buckling to
take into account the eccentricity of load, deteri-
oration of elastic stiffness due to plastic yielding,
and unavoidable imperfection. The actual failure
load Piajiure is therefore some factor ¢ (¢ < 1)
times the theoretical Euler’s buckling load given
by Eq. 5.

Praiture = ¢Pcr (6)
Based on the above discussion, it may be inferred
that buckling instability is initiated at around
0.35, i.e., & = 0.35. It is noted that in reality,
this factor depends on the axial load, imperfec-
tion of piles, and residual stress in the pile due to
driving. The selection of ¢ is one of the signifi-
cant sources of uncertainty in determining the
critical pile depth Hc.
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0.2 0.4 0.6 0.8
Normalized axial load P/Pg;

0 1.0

Determination of “Critical Depth” H¢
In the Ilimit state condition of failure,
Paynamic = Prailure. For the type of structure
shown in Fig. 2, L.;s = Hc in Eq. 4. In order to
generalize the boundary condition of the pile (i.e.,
pile head fixity condition with pile cap/super-
structure and the fixity at the interface between
liquefiable and non-liquefiable layers at deeper
depths), one may write Eq. 7:
Letr = K X Hc @)

where K is the column effective length factor
(e.g., K = 1 for free lateral translation but
restrained against rotation-sway motion). Values
of K for other boundary conditions of the pile are
given in Table 1.

With the abovementioned assumptions, Eq. 6
can be rewritten as

¢m’El

denamic = ¢Pcr = Kz—['[%

®)

Rearranging Eq. 8 gives the estimate of the crit-
ical depth H for a pile as follows:

" Pn2El Pm2El
C = =
Kdeynamic K2(1 + “)Pslatic

©))
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Safety Assessment of Piled Buildings in Liquefiable Soils: Mathematical Tools, Fig. 6 Loading condition of pile

foundation in pre-liquefaction and post-liquefaction stages

Therefore, the assessment of H is based on the
calculation of the critical buckling load for a pile
foundation surrounded by liquefied soils (from
which the pile cannot receive sufficient lateral sup-
port). Key parameters in Eq. 9 are ¢, K, and .
Reasonable values of ¢ and K can be selected
based on engineering judgment.

Based on the procedure described above, both
D, and H¢ can be assessed probabilistically. The
occurrence of pile foundation failure due to buck-
ling mechanism is indicated if H- < Dy. By
sampling D; and Hc many times, probabilistic
assessment of liquefaction-induced pile founda-
tion failure due to buckling mechanism can be
carried out.

Formulation for Determination of Dynamic
Load Amplification Factor («)

One of the critical factors is the assessment of .
This can be facilitated by examining axial forces
acting on a pile in pre-liquefaction and post-
liquefaction situations as shown in Fig. 6. In a
pre-liquefaction stage, the plane of fixity of a
building with pile foundation surrounded by
non-liquefied soils can be estimated by following
a similar procedure as shown in Fig. 4, i.e., depth
from ground surface to the plane of fixity is
denoted by Dy, in Fig. 6 and is typically a few
meters. By assuming that the natural vibration
period of the building before liquefaction is Ty,

the maximum axial force acting on a pile due to
inertia can be calculated as

P _ ﬁl (W/g) X SA (Tpres ipre) X (Dfix + BZHB)
e (N,/2) x B

(10)

where W is the total weight of a building (note:
W= Pstatich)v SA(Tprev E.>pre) (g) is the spectral
acceleration at T, with damping ratio &g
(typically, 2-5 %), B, is the coefficient to account
for modal mass for the fundamental vibration
mode (typically, 0.8-0.9), B, is the coefficient to
account for the effective height where the inertia
due to the modal mass acts (typically, 0.65-0.75),
Hy is the height of building, N,, is the number of
piles (assuming that an equal number of piles are
positioned in two rows), and B (m) is the founda-
tion width between the two rows of piles (note:
the foundation width B is along the direction
where axial force is induced by overturning
moment due to lateral inertia). Ty, can be esti-
mated by using an empirical equation, such as
Tore = 0.09Hp/B%>; see Anderson et al. (1952)
also adopted in IS 1893.

In a post-liquefaction situation, the building is
supported by piles that have relatively long
unsupported lengths of Dy (as evaluated based
on the liquefaction initiation analysis). In this



2422

case, the natural vibration period in a post-
liquefaction stage, Tpos, can be calculated as

W/g

— 11
N, x 12E1/D} (b

TpOSt - 27T

where 12E1/(Dy)? is the lateral stiffness of each
pile. Then, the maximum axial force acting on a
pile is given by

(W/g) x SA (Tpost’ épost) X (DL + ﬁ3HB)
(N,/2) x B

P post —

12)

where SA(Tpost, Epost) () is the spectral accelera-
tion at T, with damping ratio Epeg (typically,
10-30 % representing the damping of liquefied
soil) and B3 is the coefficient to account for the
effective height where the inertia acts in a post-
liquefaction condition (typically, 0.5). The
underlying assumption of Eqs. 11 and 12 is that
the building is considered as a rigid mass and the
pile provides the primary lateral stiffness to
the building. It must be mentioned that this
approach is very simple, and many uncertainties,
such as effects of vertical inertia, timing of
max inertia and timing of loss of lateral support
due to liquefaction, and potential effects due
to lateral spreading, are not taken into
consideration.

By defining o = max(Ppre/Pstatics Ppost/Pstatic)»
o is given by:

2
o= g—BmaX [ﬁlSA (Tpre, épre)(DﬁX + p,Hp),

SA (Tposta épost) (DL + ﬁ3HB)]
(13)

The additional information needed for evaluating
o is the estimated spectral acceleration values at
vibration periods Ty, and Tpos With damping
ratios Epre and Epog (note: Tpre and Tpog are ran-
dom variables; in particular, Ty is significantly
affected by liquefaction initiation analysis).
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A case study: collapse of a 5-story RCC
building in Kobe during the 1995 Kobe earth-
quake: Several buildings with pile foundation
had to be demolished due to severe liquefaction
damage during the 1995 M,,6.9 Kobe earthquake.
Because of the dramatic consequences, several
detailed post-earthquake investigations were
conducted to examine the cause and failure
mechanism of these cases (Tokimatsu
et al. 1997). For illustration, one of such case
studies (Uzuoka et al. 2002; Bhattacharya 2006)
is focused upon. A 5-story reinforced concrete
frame building (total height Hg = 14.5 m) was
located at 6 m from the quay wall on a reclaimed
fill in the Higashinada area of the Kobe City; the
distance from the rupture plane to the building
site was about 5 km (Fig. 7). The Kobe earth-
quake caused a lateral displacement of 2 m to the
quay wall toward the sea, and the building was
tilted by 3° due to lateral spreading. The sche-
matics of the post-earthquake investigation of the
building and pile foundation are shown in Fig. 8.
At the building site, significant lateral spreading
was observed (about 1.0-1.5 deformation/move-
ment of the ground toward the sea; Tokimatsu
et al. 1997).

The building was supported on 38 hollow
pre-stressed concrete piles (there were two pile
rows separated by 7.5 m and 19 piles were
aligned in each row); the pile length was 20 m
with exterior and interior diameters of 0.4 and
0.24 m, respectively. Figure 9 shows variations of
soil profiles and SPT N counts with depth at the
building site. The site has fill/sand layers with
relatively low N counts (e.g., 2-9 m and
12-16 m), which are susceptible to liquefaction
(i.e., saturated sand layers with low strength); the
average shear-wave velocities in the uppermost
12 and 30 m are estimated to be about 147 and
216 m/s, respectively. The water table level was
about 2 m below ground surface. The post-
earthquake  investigation by  Tokimatsu
et al. (1997) indicated that soil layers shallower
than 9 m were liquefied (based on a simplified
stress method). Moreover, the borehole logging
data shown in Fig. 8 suggest that the sandy silt
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layer between 12 m and 16 m, having low
strength, may be disturbed by strong ground
motion; thus this layer may not offer much fixity
to the pile.

The nearby ground motion recording was
obtained at the Higashi Kobe Bridge, which is
away about 0.9 km from the building site; dis-
tance to the rupture plane for the observation and
building sites is about 5.2 and 4.4 km, respec-
tively. The site condition at the observation site is
similar to that at the building site (typically,
NEHRP site class D or E). The recorded accelera-
tion time histories at the observation site are shown
in Fig. 9 (Public Works Research Institute 1995).

The 5 % damped response spectra of the two
horizontal components and their geometric mean
are presented in Fig. 9 and are compared with the
median GMPE (Ground Motion Prediction Equa-
tions) by Zhao et al. (2006); this relation is used
as a representative regional model throughout
this study to estimate ground motion parameters
at the building site. The comparison of the calcu-
lated response spectra with the Zhao et al. relation
indicates that the observed response spectra
have less spectral content at vibration periods
less than 1.0 s, while they contain rich spectral
content at vibration periods greater than 1.0 s.
The responses at short vibration periods are likely
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Safety Assessment of
Piled Buildings in
Liquefiable Soils:
Mathematical Tools,
Fig. 8 Post-earthquake
investigation of a case
study (Tokimatsu et al.
1997)
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to be affected by nonlinear site amplification (i.e.,
de-amplification), and at such a site, liquefaction-
induced ground failure may be expected. Further
to note, geographical positions of the fault plane,

0 10 20 30 40 50 0 50 100
N count Fines content (%)

hypocenter, and the observation site (Fig. 6) are of
typical “near-fault motions” due to forward direc-
tivity (Mavroeidis and Papageorgiou 2003); this
can be corroborated by large response spectra
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Safety Assessment of Piled Buildings in Liquefiable Soils: Mathematical Tools, Table 2 Summary of proba-
bilistic information of input parameters

Coefficient of [Lower and upper Distribution
Parameter Mean variation limits] type
Moment magnitude M., 6.9 0.1* 6.6, 7.2] Normal
Peak ground acceleration PGA Equation 2 - Lognormal
(€9)
Water table level (m) 2.0 - [1.0, 3.0] Uniform
FC (%) Fig. 9 0.1 - Lognormal
N count Fig. 9 0.15 - Lognormal
Vertical total stress o, (Pa) _be 0.1 - Lognormal
Vertical effective stress ¢’ (Pa) _be 0.15 - Lognormal
Pre-liquefaction period Ty (S) 0.5 0.1 - Lognormal
EI of a pile (MNm?) 32.35 0.1 [24.26, 48.53] Lognormal
Static axial force per pile Paic 412 0.1 [309, 618] Lognormal
(kN)

*This is the standard deviation
°It depends on the water table
°Dry and wet soil densities are set to 1.76 and 1.92 g/cm®
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Safety Assessment of Piled Buildings in Liquefiable Soils: Mathematical Tools, Fig. 10 Ground motion time
history (a) and 5 % damped response spectra (b) at the Higashi Kobe Bridge observation site

values at long periods (Fig. 9b) and by
inspecting velocity time histories of the acceler-
ation data where large velocity pulses are clearly
visible. Table 2 provides a summary of the
input parameters used in the analysis, and
Fig. 11 shows the probability density function

for Di and Hc which shows the high likelihood
that the building collapsed due to buckling
of the piles (probability of buckling failure is
0.943). Further details of this methodology can
be found in Bhattacharya and Goda (2013)
(Fig. 10).
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Fig. 11 Comparison of
probability mass functions
for Dy and Hc

Summary

A probabilistic-based method to reassess such
safety has been formulated in this entry. This
method can easily be coded in a program, such
as MATLAB or Fortran. This method checks
the stability of the foundation against buckling
instability at full liquefaction, i.e., when the
soil surrounding the pile is at its lowest pos-
sible stiffness. Two parameters, namely, “crit-
ical depth of the pile H¢” and the
“unsupported length of the pile due to lique-
faction Dy,” are estimated. Critical depth is a
function of axial load acting on the pile (P),
flexural stiffness of the pile (EI), and the
boundary condition of the pile above and
below the liquefiable soil. On the other hand,
D; mainly depends on the earthquake charac-
teristics, soil profile, and ground conditions.
A case study is considered to illustrate an
application of the methodology.
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Studi di Napoli Federico II, Napoli, Italy

Introduction

A synthetic aperture radar (SAR) is a remote
sensing microwave imaging system which con-
sists of a radar sensor mounted on a moving
platform, such as an airplane or a satellite.
As the platform flies along an approximately
straight line, the radar emits microwave pulses
at fixed rate (pulse repetition frequency (PRF))
and receives corresponding returns (echoes)
backscattered by the illuminated scene. A SAR
is able to distinguish points at different distances
from the line of flight based on different delays of
their returns; in addition, points at different posi-
tions along a direction parallel to the line of flight
are distinguished by forming a very long (and
therefore very directive, with a very narrow
beam) synthetic array. This is obtained by prop-
erly combining pulses received by the sensor at
different positions along the line of flight, so that
the synthetic array length is equal to the length of
the portion of line of flight such that a given
ground point remains within the real antenna
beamwidth. In this way, a two-dimensional
(2D) image is obtained, which is the projection
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of the scene onto the plane containing the look
direction (range direction) and the line of flight
(azimuth direction). This is at variance with opti-
cal images, which are the projection of the scene
onto the plane perpendicular to the look direction.

A SAR is an active sensor (i.e., it illuminates
the scene), so that it can work during both the day
and the night; in addition, it relies on micro-
waves, which can propagate through clouds, so
that it can image the Earth’s surface even in the
presence of a cloud cover.

An important parameter characterizing an
imaging sensor is its resolution, which is the
minimum distance between two points such that
they can be distinguished by the sensor. For a
SAR sensor, the resolution along the range direc-
tion is ¢/(2B), where c is the speed of light and
B is the pulse bandwidth, whereas the resolution
along the azimuth dimension is Ar/(2X), where A
is the electromagnetic wavelength, r is the
sensor-to-ground distance, and X is the synthetic
array length. In its usual acquisition mode (“strip
map” mode), the SAR radar antenna is constantly
pointed along a direction perpendicular to the line
of flight, forming a significant angle (“look
angle”) with the nadir direction (i.e., SAR is a
“side looking” sensor); see Fig. 1. In this case, the
synthetic antenna length X is Ar/L, where L is the
real antenna effective azimuth length, so that the
azimuth resolution turns out to be L/2. Note
that the SAR resolution is independent of the

SAR Images, Interpretation of, Fig. 1 Geometry of
SAR acquisition
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sensor-to-scene distance, at variance with the
one of optical sensors. In order to obtain a higher
(better) resolution, although with a smaller illu-
minated scene, a “spotlight” acquisition mode
can be used, in which the SAR antenna beam is
steered during the flight to constantly illuminate a
given spot on the ground. In this way, a longer
synthetic array can be obtained, this implying a
better azimuth resolution. The resolution of mod-
ern spaceborne SAR systems spans from about
10 m to fractions of meter.

A SAR image provides information on the
imaged scene which is in some sense comple-
mentary with respect to that provided by an opti-
cal image. In fact, while the intensity of a pixel in
an optical image mainly depends on the chemical
properties of the surface of the imaged objects,
the intensity of a pixel in a SAR image depends
on electromagnetic properties (permittivity and
conductivity) of imaged objects and on their
roughness at wavelength (i.e., centimetric)
scale: smooth surfaces (calm water, concrete or
asphalt surfaces, etc.) appear as dark areas on the
image, whereas surfaces with increasing rough-
ness appear as increasingly bright areas.

Finally, another important peculiarity of SAR
sensors with respect to optical ones is their
“coherent” nature: in fact, they are able to emit
a coherent radiation and to measure not only the
intensity of the received signal but also its phase.
This allows using interferometric techniques
(interferometric SAR (InSAR) and differential
interferometric SAR (DInSAR)) to obtain terrain
topography and to monitor small terrain move-
ments and tomographic techniques (SAR
Tomography) for the three-dimensional recon-
struction of imaged objects. In addition, using
two orthogonally polarized transmitting and/or
receiving antennas, information can be extracted
by observing how the polarization of the
backscattered wave is modified with respect to
the transmitted one (SAR Polarimetry). How-
ever, the coherent nature of SAR also causes the
appearance of the “speckle” noise, which gives a
“salt-and-pepper” look to SAR images: a macro-
scopically homogeneous area appears to be com-
posed of pixels of randomly varying intensity.
Speckle noise can be reduced, at the expense of
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Fig. 2 Geometric
distortions.
Foreshortening-
compression (A’-B’),
foreshortening-dilation
(B’-C”), layover (E’-D’),
shadow (D’-G”)

geometric resolution, by averaging over adjacent
pixels (multi-look image), or by proper filtering.
By summarizing, SAR sensors have signifi-
cant advantages with respect to optical ones
(day-and-night, all-weather capabilities, coherent
nature), but SAR images are more difficult to be
visually interpreted than optical ones, due to both
geometrical (i.e., image projection plane includ-
ing the look direction) and radiometric (i.e.,
involved dependence of image intensity on ter-
rain electromagnetic and roughness properties,
speckle) issues. Fundamentals on SAR systems
and applications can be found, e.g., in Ulaby
et al. (1986), Elachi (1988), and Curlander and
McDonough (1991). InSAR and SAR
Tomography are the subjects of other entries of
this encyclopedia, whereas SAR Polarimetry is
analyzed in detail in Lee and Pottier (2009).

Foreshortening, Layover, Shadow, and
Geocoding

Due to the fact that a SAR image is the projection
of the scene onto a plane including the look
direction, geometric distortions on SAR images
are very different from those experienced in opti-
cal images.

If terrain slope is smaller than the look angle 0,
the resolution cell on the ground is compressed
with respect to the horizontal terrain case if the
surface is tilted toward the sensor; otherwise it is
dilated (see Fig. 2.). This effect is termed
“foreshortening.”
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If the surface is tilted toward the sensor and its
slope is larger than the look angle, then there is an
“inversion” of the SAR geometry: the positions
along the range direction of peaks and bases of
hills or mountains are exchanged, and the sides of
hills or mountains are “folded” onto the valleys in
front of them (so that a single pixel corresponds
to both an area on the hill’s side and an area on the
valley, and a very bright area on the image
appears) (see Figs. 2 and 3). This effect is called
“layover.”

Finally, if the surface is tilted away from the
sensor and its slope is larger than 90° minus the
look angle, then a portion of the surface is not
illuminated (see Fig. 2), and no return is present
in that portion of the SAR image: a “shadow”
appears.

If SAR platform trajectory and terrain topog-
raphy are known, abovementioned geometric dis-
tortions can be mitigated by a post-processing
step, called “geocoding,” that allows representing
the SAR images in a standard cartographic map
projection. In this way, the image can be, for
instance, easily integrated in a GIS. Note how-
ever that, although foreshortening can be
corrected by geocoding, layover and shadow
effects imply a loss of information that cannot
be recovered by this post-processing step.
In addition, geocoding implies an interpolation
process that may alter the image information
content: therefore, in some applications it may
be preferable to extract the physical parameter of
interest directly from the image in SAR native
geometry and then to geocode the obtained final
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SAR Images, Interpretation of, Fig. 3 COSMO/
SkyMed SAR image of the area of Mt. Vesuvius, Italy
(left). Near range is on the left. Geocoded version of the
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Fig. 4 Elements on a
building facade forming
dihedral and trihedral
structures

map (Guida et al. 2008; Di Martino et al. 2012).
An example of SAR image before and after
geocoding is shown in Fig. 3.

Interpreting SAR Images of Buildings

Geometric distortions described in the previous
section are particularly severe in SAR images of
urban areas, which are of prominent interest if,
for instance, a fast post-event earthquake damage
assessment is needed. With the launch of
COSMO/SkyMed and TerraSAR-X missions,

same image (right). The very bright area near the crater
corresponds to a layover area

very-high-resolution (VHR) SAR images of
urban areas have become routinely available.
In particular, in the spotlight acquisition mode,
COSMO/SkyMed SAR sensors are able to obtain
aresolution even better than 1 m. Accordingly, in
principle a lot of information on objects present
in the urban scenario can be extracted from such
images; however, due to the above-cited severe
geometric distortions and due to the involved
interaction between incident electromagnetic
wave and imaged scene, direct interpretation of
VHR SAR images is not straightforward. It is
easy to realize (see Figs. 4 and 5) that such
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Layover + Field backscattered by
the roof + Balcony dihedrals

Wall-ground double bounce

Field backscattered by the roof +
Triple bounce

Shadow

SAR Images, Interpretation of, Fig. 5 SAR image formation for a single building

images are dominated by the combination of sin-
gle scattering from terrain and buildings and mul-
tiple scattering from dihedral and trihedral
structures. For moderate- and low-resolution sys-
tems, they may be simultaneously present in a
single resolution cell. Nonetheless, for very-high-
resolution SAR systems, the resolution cell is so
small that dihedral and trihedral returns dominate
with respect to the single scattering background.
Accordingly, a realistic description of VHR SAR
amplitude images can be obtained by considering
sparse brilliant points, or lines, over a dark back-
ground: the positions of these brilliant points and
lines can be considered randomly distributed,
unless they belong to a building facade, in
which case an ordered, periodic spatial distribu-
tion is expected.

In fact, if we consider a single building, as
illustrated in Fig. 5, by moving from near to far
range, we first find a layover area in which each
pixel is the superposition of two or three contri-
butions: one from the ground, one from the ver-
tical wall, and possibly one from the roof. Ground
and roof are usually so smooth that corresponding
contributions are weak, whereas often, on the
vertical walls, dihedral or trihedral structures of
balconies and windows are present (see Fig. 4)
whose contributions to the backscattered signal
are significant. In fact, with regard to dihedral
structures, it is easy to realize that, if the structure
is aligned with the SAR line of flight, all double-

bounce paths have the same length,
corresponding to twice the path length from the
sensor to the internal edge of the dihedral, and
hence they reach the sensor simultaneously.
Accordingly, a very bright line appears on the
image. Similarly, if we consider a trihedral struc-
ture, for a wide range of structure orientations, all
triple-bounce paths have the same length,
corresponding to twice the path length from the
sensor to the internal corner of the trihedral, and
hence they reach the sensor simultaneously.
Accordingly, a very bright point appears on the
image. Since balconies and windows usually are
spatially distributed in an ordered way, they form
periodic patterns of brilliant lines and/or points
within the layover area of the SAR image of the
building.

By continuing to move from near to far range,
the end of the layover area is marked by a bright
line representing the double-bounce return from
the large dihedral structure formed by the vertical
wall and the ground. This line is particularly
evident if the wall is aligned with the sensor line
of flight. Then, a dark area is present, including
the very weak triple-bounce return (wall-ground-
wall and/or ground-wall-ground) and, possibly,
the weak return from the roof. And, finally, we
find a very dark shadow area.

An example of VHR SAR image of an urban
area is reported in Fig. 6a. This is a 1-m resolution
TerraSAR-X image of Naples, Italy. Near range
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SAR Images, Interpretation of, Fig. 6 TerraSAR-X image of Naples, Italy (a). Near range is on the left. Excerpt of
the previous image showing the area of Piazza del Plebiscito (b). An optical image of the same area (c)

is on the left. In Fig. 6b an excerpt of the previous
image is reported, and in Fig. 6¢ an optical image
of the same area is shown. The square at the
center of this area is Piazza del Plebiscito, and
the building at its right side is the Palazzo Reale
(Royal Palace). In agreement with our previous
discussion, in correspondence of the facade of

this building, by moving from left to right (i.e.,
from near to far range), we can distinguish three
bright lines, followed by a very bright line and by
a dark area. The three bright lines correspond
to an architectural structure at the roof edge
and to two lines of balconies, whereas the very
bright line corresponds to the wall-ground



SAR Images, Interpretation of

double-bounce return. Finally, the dark area cor-
responds to building roof and shadow.

Model-Based Interpretation of SAR
Images

Above presented description allows a qualitative
interpretation of SAR images of natural and
urban areas. Quantitative information on the
geometry (i.e., distances between objects, build-
ing size, floors’ height, etc.) can be also obtained
from such an analysis if look angle and pixel
spacing are known. However, in order to obtain
quantitative relations between image intensity
and scene properties, a deeper analysis is needed.
First of all, the scene must be described in terms
of parameters of interest: for instance, for a nat-
ural scenario, soil moisture and composition, ter-
rain roughness, vegetation biomass, etc. Then, a
direct electromagnetic scattering model must be
used to express the backscattered field in terms of
such scene parameters. Inversion of this model
allows retrieving the scene parameters of interest
from SAR images of the scene.

This field is currently the subject of intense
research activity, and the description of scattering
models and retrieval algorithms goes beyond the
scope of the present work. However, a review of
scattering models can be found in some textbooks
(e.g., Ulaby et al. 1986; Tsang et al. 2000;
Franceschetti and Riccio 2007) and scientific
papers (e.g., Fung et al. 1992; Franceschetti
et al. 2002). Examples of retrieval algorithms
can also be found in the scientific literature,
both for natural scenes (Iodice et al. 2011; Di
Martino et al. 2012) and wurban areas
(Guida et al. 2008, 2010).

RGB Compositions

Visual interpretation of SAR images can be made
easier by combining different SAR images of the
same area to create a false color image.

For instance, if a SAR polarimetric system is
employed, a combination of different polarimet-
ric channels can be used. Available channels are
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HH (i.e., transmit a horizontally polarized elec-
tromagnetic field and measure the horizontally
polarized component of the received field), VV
(i.e., transmit a vertically polarized electromag-
netic field and measure the vertically polarized
component of the received field), and HV or VH
(i.e., transmit a horizontally polarized electro-
magnetic field and measure the vertically polar-
ized component of the received field, or vice
versa). For a wide range of scattering surfaces
(reciprocal scatterers), HV and VH channel
returns are equal, so that only one of the two
can be actually used. A very useful combination
consists of HH + VV, HH-VV, and HV channels,
and it is called a “Pauli decomposition” (Lee and
Pottier 2009). In fact, it turns out that the sum of
HH and VV returns is dominated by single scat-
tering from rough surfaces (soil surfaces, sea
surfaces), the difference of HH and VV returns
is dominated by double scattering (terrain-
building walls, or ground-tree trunks), and HV
return is dominated by volumetric scattering or
extremely rough surface scattering (vegetation).
Accordingly, an RGB color image can be
obtained by loading the HH + V'V signal onto
the blue channel, HH-VV onto the red channel,
and HV onto the green one. Accordingly,
blue areas on the image will correspond to bare
or little vegetated soils, or sea; red areas to
built-up areas or trees with little foliage; and
green areas to very vegetated soils or forests.
Intermediate colors will correspond to pixels
containing combinations of the previous targets.
An example of false color SAR image obtained
by using the Pauli decomposition is reported in
Fig. 7.

Another possibility is to load, onto the three
different color channels, SAR images of the same
area acquired at different times. This allows to
easily identify areas subjected to changes
between two different acquisitions. For instance,
in Fig. 8 a false color SAR image of an area in a
semiarid region (Tougou basin, Burkina Faso) is
shown. An image acquired during the dry season
is loaded onto the blue channel, another image
acquired in the wet season is loaded onto the
green channel, and the interferometric coherence
between the two acquisitions (see » InSAR and
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SAR Images, Interpretation of, Fig. 7 False color image obtained by performing a Pauli decomposition on the
polarimetric SAR image of an agricultural area

SAR Images, Interpretation of, Fig. 8 False color SAR image of the Tougou basin area (Burkina Faso)

A-InSAR: Theory) is loaded onto the red chan- Green areas: wet season vegetation (bright on wet

nel. Accordingly, different colors can be season image, intermediate on dry season
interpreted as follows (Amitrano et al. 2015): image, low coherence)
Red or white areas: man-made objects, village
Black areas: permanent basin water (dark on both (intermediate or bright on both acquisitions,
images, low coherence) high coherence)
Blue areas: wet season basin water (dark on wet Blue-green intermediate color, high intensity
season image, intermediate on dry season (cyan): trees (bright on both acquisitions, low

image, low coherence) coherence)
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Blue-green intermediate color, intermediate
intensity (Prussian blue or dark green): bare
soils (intermediate on both acquisitions, inter-
mediate coherence)

Note that the one described above is just an
example: different RGB compositions can be
employed, according to the considered applica-
tion and to the scene characteristics that the user
is interested to highlight.

Summary

SAR sensors have significant advantages with
respect to optical ones: day-and-night, all-weather
capabilities, and the possibility of measuring ter-
rain topography and monitoring small terrain
movements, due to its coherent nature. In addition,
SAR images of virtually any area of the Earth
surface are today routinely available, due to the
different SAR satellite missions currently in orbit.
Therefore, their use has a huge potential impact on
a number of applications, among which the fast
post-event earthquake damage assessment.

However, visual interpretation of SAR images
by a human operator requires that the latter is
properly trained to get used to the peculiar char-
acteristics of SAR images: geometric distortions,
involved dependence of image intensity on terrain
electromagnetic and roughness properties, and
speckle noise. Visual interpretation can be made
easier by properly combining different images to
form a color image (RGB composition).

Finally, automatic quantitative interpretation
of SAR images requires the availability or the
development of electromagnetic scattering
models and of corresponding retrieval algo-
rithms. This field is currently the subject of an
intensive research activity.
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Introduction

Synthetic-aperture radar (SAR) is one of the most
important Earth remote sensing sensors whose
applications have grown dramatically in the
recent years. It provides images at microwaves
with resolution comparable to that of optical sys-
tems, but with the crucial advantage of all-time,
day/night, and all-weather, imaging capability.
Similarly to classical surveillance radars, SAR
measures the distance (range) from sensor to tar-
get: resolutions of the order of meters are
achieved through the pulse compression of large
bandwidth (frequency-modulated) signals. Very
high resolution in the along-track direction is
achieved as well through the coherent combina-
tion of target echoes received over the illumina-
tion interval, thus implementing a virtual
(synthetic) array of antennas (i.e., a very large
antenna) by exploiting the movement of a very
small antenna mounted on board airplanes or
satellites. The latter feature turns SAR systems
to be imaging radars.

SAR data are nowadays used in many areas of
environmental risks monitoring situations such as
flooding, glaciers, land cover, and forest monitor-
ing (Curlander and McDonough 1991; Moreira
et al. 2013). Among all, one of the primary appli-
cations of SAR is the 3D reconstruction and
monitoring of the Earth surface displacements
through the use of interferometric techniques.

SAR interferometry (InSAR) exploits the
coherent properties of the sensor, i.e., the capa-
bility to accurately control not only the envelope
but also the phase of the transmitted radiation.
SAR images are in fact complex data character-
ized by an amplitude measurement (envelope),
related to the backscattering properties of the
scene, as well as a phase signal related to both
phase of the backscattering coefficient and to the
distance of the target from the sensor to an accu-
racy of the order of the wavelength (centimeters
at microwaves). Similarly to the human vision
system, acquiring images with a slight angular
diversity allows SAR to be sensitive to the 3D
scene propetties, i.e., to estimate the topography
of the observed scene. Topography is not acces-
sible in a single SAR acquisition because the
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imaging process returns only a 2D projection of
the 3D reality. The Shuttle Radar Topography
Mission (SRTM) in the Ilast decade has
represented the first case of an extensive use of
InSAR for the generation of a worldwide (except
for the poles) digital elevation model (DEM), that
is, a digital topography map of the Earth surface
(Van Zyl 2001). SRTM DEM (90 m spacing
DTED-1 standard) has been extensively used in
many applications. Nowadays, the TerraSAR-X/
TanDEM-X mission (launched in 2007 and 2011)
is providing a “refreshing” with higher resolution
(12 m spacing DTED 3 standard) of the Earth
DEM on a global scale by exploiting the simul-
taneous acquisitions of two twin SAR sensors
flying in a close formation (Krieger et al. 2007).
On the other hand, differential interferometry
(DInSAR) takes advantage of the very high pre-
cision of radar systems in measuring phase to
estimate differential displacements of the area
imaged at different time instants with an accuracy
of the order of a fraction of the used wavelength.
DInSAR is today routinely used to estimate dis-
placements induced by large earthquakes as well
as to monitor volcanic activities producing
ground movements, subsidence caused by water
and/or oil extraction, mining activities, and also
slow moving landslides (Massonnet et al. 1993;
Carnec et al. 1995; Fornaro and Franceschetti
1999; Crosetto et al. 2005).

The availability of long-term data archives of
former C-Band ESA ERS1/2 and ENVISAT SAR
satellites has pushed the development of
multipass interferometric processing techniques
which coherently process large dataset of tens of
images. In this way intrinsic limitations of clas-
sical, single pair, DInSAR, as the presence of
atmospheric phase contribution and unwrapping
procedures needs, affecting the unambiguous
estimation of the useful deformation signal, are
overcome. These techniques are mainly catego-
rized based on the assumption on the scattering
on the ground. From one hand, the approaches
referred to as Persistent Scatterer Interferometry
(PSI) prioritize the spatial resolution and uses all
available baselines for accurate monitoring of
“strong” (i.e., persistent) scatterers, typically
located on anthropic structures, exhibiting
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a temporal response stability over the whole
observation period (Ferretti et al. 2000, 2001).
On the other hand, multipass DInSAR techniques
as the Small BAseline Subset (SBAS) limits the
processing to interferograms characterized by
short temporal separation as well as reduced
angular diversity and makes use of a spatial
multilooking to enhance the signal quality at the
expense of a spatial resolution loss. SBAS tech-
niques, known also as DInSAR stacking, are
devoted to the monitoring of wide areas including
rural zones (Berardino et al. 2002; Ferretti
etal. 2011).

PSI and SBAS approaches have been used to
investigate several aspects of risks for monitoring
of coseismic and post-seismic deformation
corresponding to several major earthquakes, vol-
canoes deformation, landslides, etc., as well as
for the monitoring of buildings and infrastruc-
tures (Cascini et al. 2007; Arangio et al. 2013).

A recent advance for the technological view-
point in the application to building reconstruction
and monitoring is provided by SAR tomography
which extends the SAR imaging concept to the
third dimension of height: SAR tomography is
also known as multidimensional SAR imaging
technique due to the capability of full 3D imaging
plus time monitoring. As for PSI, SAR tomogra-
phy exploits full resolution data with angular
diversity but for the use of the whole complex
measured data then introducing the virtual
antenna array along the height: the larger height
antenna extent allows reducing again, as for the
azimuth, the antenna beamwidth and
reconstructing with finer resolution the backscat-
tering along height (3D imaging) (Reigber and
Moreira 2000; Gini et al. 2002; Fornaro
et al. 2005). This latter allows, from one side,
estimating height parameters of scatterers with
better accuracy but, above all, detecting the pres-
ence of possible multiple scattering mechanisms
which may interfere within the same radar spatial
resolution cell. This interference, known as the
layover effect, is a direct consequence of the
imaging principle of radar systems which dis-
criminates scatterers in distance: in the typical
SAR side-looking geometry, in presence of
steep topography, as for buildings, walls, and in
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general vertical surfaces, it happens that scat-
terers located at different heights may be sensed
by the radar at the same distance and therefore
their returns imaged in the same pixel. A pictorial
explanation of the layover induced on a building,
as well as its effect on a very high (1 m) resolution
TerraSAR-X amplitude image, is provided in
Fig. 1: backscattering returns from targets located
on the left part of the roof are imaged at first, and
then the contributions from the facade and finally
the base of the building are imaged in far range.
Consequently, the building is tilted toward the
sensor in the resulting SAR image: notice that
because of the very high resolution, returns
from the facades are spread over a large number
of pixels in which contribution from ground is
also expected. The vertical synthetic aperture
exploited by SAR tomography allows improving
resolution and tightening responses of the differ-
ent interfering scatterers and then giving a chance
to detect and localize separately each scattering
mechanism (Fornaro and Serafino 2006). This
capability has a major importance in the
processing of urban areas, where the presence of
buildings causes very frequent occurrence of lay-
over between building facades, surrounding
structures and ground. It is worth to note that
this feature is own of the tomographic approach:
none of interferometric approaches, including the
PSI, can counteract this interference because of
the leading assumption of only one scattering
mechanism per pixel and of the phase-only signal
model which does not cope with an imaging
viewpoint.

As a direct extension of DInSAR, differential
tomography (4D imaging) has been also pro-
posed: it extends the 3D imaging to measure
also the deformation parameters of scatterer in
the focused 3D space (Lombardini 2005; Fornaro
et al. 2009a; Zhu and Bamler 2010a). Along the
same lines of PSI, also time series explaining the
temporal evolution of deformation can be
extracted, even separately for each interfering
scatterers possibly exhibiting different deforma-
tion behaviors (Fornaro et al. 2009).

SAR technology is also evolved to specifically
accomplish requirements and improve monitor-
ing performances of multipass techniques.
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SAR Tomography for 3D Reconstruction and Moni-
toring, Fig. 1 Pictorial illustration of the layover distor-
tion on SAR images induced by the side-looking imaging
principle of radar and evidence on a 1 m spatial resolution

Recent X-Band sensors as the TerraSAR-X and
the Cosmo-Skymed constellation are providing
images with resolution never achieved in the
past, in the meter/submeter regime with reduced
revisiting times. As far as the latter aspect is
concerned, the Cosmo-Skymed mission is world-
wide the largest constellation for civilian
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TerraSAR-X image: closest targets located on the roof are
imaged in near range respect to those on the base of the
building. Optical image courtesy of Google

application: it is composed by four small-size
satellites that ensure an average revisiting time
of 4 days at the maximum acquisition rate, which
dramatically impacts in unexpected emergency
situations when immediate imaging of damaged
areas is required. High resolution allows captur-
ing much more information from the scene,
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SAR Tomography for 3D
Reconstruction and
Monitoring, Fig. 2 3D
visualization of scatterers
detected by the SAR
tomography for the
building imaged in the
amplitude image of Fig. 1
(Reale et al. 2011a). Colors
are set according to the
estimated height

notably increasing the density of monitored scat-
terers (Gernhardt et al. 2010). At the same time,
the layover becomes a major issue in the imaging
of urban areas: the finer is the resolution, the
larger will be the number of pixels affected by
the layover induced by the buildings facades.
Multidimensional imaging have demonstrated to
be an effective tool in resolving the distributed
layover on very high-resolution data, allowing
fully separating contribution from ground and
facade for the accurate 3D reconstruction of
buildings. An example of the capability of
multidimensional imaging for 3D building recon-
struction and layover solution is provided in
Fig. 2 which represents the 3D point cloud of
the scatterers detected over the building imaged
in Fig. 1 by the SAR tomography on a dataset of
25 TerraSAR-X very high-resolution spotlight
images (Reale et al. 2011a). The precise recon-
struction proves the effectiveness of this
advanced processing which takes benefit of the
detailed imagery provided by 1 m resolution
acquisition capability.

This chapter is intended to introduce the prin-
cipal concepts of the multidimensional imaging
approach. A brief introduction on classical inter-
ferometric approach is firstly provided to intro-
duce the concepts of angular and temporal
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diversity in SAR imagery and their relationship
with physical parameters of interest as topogra-
phy and surface movements. SAR tomography is
introduced as an extension which turns the inter-
ferometric processing into an imaging problem,
allowing both improving performances in estima-
tion of parameters as well as allowing extracting
further information from the data with respect
to interferometry as the separation and detection
of interfering scatterers in layover areas. Finally,
examples of the application of both multipass
DInSAR (small scale), and tomographic (full
resolution) processing carried out on recent
Cosmo-Skymed data are provided to point out
the potentiality of the joint use of these technique
for a complete monitoring of risk situations at
different scales, from regional up to the level of
the single infrastructure, spatial scales.

The SAR Interferometry Background

SAR imaging allows discrimination of targets
along the azimuth and range directions. Assum-
ing SAR sensors to fly locally rectilinear trajec-
tories (airborne) or orbits (spaceborne), azimuth
x (directed along the sensor velocity vector) and
range r (distance orthogonal from the flight track)
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represent two coordinates of the natural radar
cylindrical reference system with the axis coinci-
dent with the flight track. By using large band-
widths, reaching the order of hundreds of
megahertz, modern sensors distinguish targets in
range with a resolution degree that reaches the
meter/submeter scale. In addition, a high azimuth
resolution capability of the final 2D images is
achieved by synthesizing antennas in the order
of kilometers through the exploitation of the
intrinsic motion of the platform along its orbit
(Curlander and McDonough 1991).

The height information, which is not accessi-
ble in a single SAR image, can be estimated
through the interferometric concept. As in any
electromagnetic coherent system, the phase
information is related to the traveled path and
therefore to the distance of the scene from the
imaging radar. Classical SAR interferometry
exploits the phase difference of, at least, two
images acquired with an angular diversity
induced by a slight orbital offset (spatial base-
line), to retrieve the 3D localization of ground
scatterers. Conversely, temporal separation
(temporal baseline) is exploited by the differen-
tial SAR interferometry to measure possible dis-
placements along the radar’s line-of-sight (LOS)
occurring at each acquisition epoch. The winning
aspect of interferometry is the very high precision
of radar in the estimation of the phase values,
whose accuracy is of the order of a fraction of
the wavelength: this allows estimating move-
ments with sub-centimetric accuracy, using
C- and recently X-Band radars from the space.
Classical DInSAR has been extensively applied
to measure large deformation caused mainly from
earthquakes or volcanic activities. However, the
presence of additional phase disturbing contribu-
tions does not allow pushing accuracy to
a millimeter accuracy through the exploitation
of just few images. As stated above, the interfer-
ometric phase difference Ay of a radar system
working with a wavelength 2 is related to the
difference Jr in the traveled path of the signal
forming the two images. This phase difference is
composed of multiple contributions associated
with different source (Fornaro and Franceschetti
1999):

SAR Tomography for 3D Reconstruction and Monitoring

4 4
—n(sr:l(
A

A(p:i

or; +0rq) + Ap, + Ap, + Ap,
(D

The first term or, = (b/r)s, with s being the slant
height (orthogonal to the azimuth/range imaging
plane corresponding to the master image) (s = z/
sin(v)), ¥ is the look angle), accounts for the
distance variation induced by the presence of
topography on the ground which plays a role in
the presence of an imaging parallax measured by
spatial baseline b. Conversely, or, is the distance
variation associated with possible deformation
signal (LOS component) measured among the
two acquisition epochs. Subsequent terms play
a disturbance role. The term Ay, is due to the
propagation delay variation between the two
acquisitions induced by changes in atmosphere.
Slowing produces a time delay which is mapped
into a range variation. The atmospheric propaga-
tion delay (APD) exhibits a spatial correlation
over hundreds of meters: it is typically on the
same level of deformations which are also often
spatially correlated; Ay, and Ay, are associated
with orbital inaccuracies and noise. In applica-
tions devoted to the estimation of the scene
topography, simultaneous acquisitions are pref-
erable because both deformation and atmospheric
contributions are absent: this was the case of the
Shuttle Radar Topography Mission (SRTM)
which employed a dual-antenna system to recon-
struct the digital elevation model (DEM) of the
Earth and recently of the TerraSAR-X/TanDEM-
X mission which employs a pair of twin satellites
flying in close formation to produce a better
resolved, 12 m spatial resolution, DEM. Differ-
ently, when deformation is of interest, as in dif-
ferential interferometry, repeated passes over the
exactly same orbit should be required to avoid the
impact of topographic phase contribution.
Indeed, this requirement is problematic to
enforce, and then DInSAR interferograms are
produced by subtracting from the original
interferogram an estimation of Jr, evaluated
from an external DEM (typically the SRTM
DEM): such operation, referred to as zero base-
line steering (ZBS), aims at eliminating or
at least mitigating the fringes corresponding to
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the topography. The fringe pattern retrieved by
the external DEM is usually referred to as “syn-
thetic interferogram.” Estimation of deformation
is however affected by the presence of atmo-
spheric contribution, and then classical two-pass
DInSAR configuration is usually applied to esti-
mate predominant deformation caused, f.i., by
large earthquakes.

The assumption leading to the differential
phase in Eq. 1 is that the scene backscattering
involved in the complex conjugate interferomet-
ric products are the same in both the images.
Changes lead to the presence of noise contribu-
tion in the interferometric phase Ay which is
referred to as decorrelation (Bamler and Hartl
1998; Fornaro and Franceschetti 1999). The
coherence measures the degree of decorrelation:
it measures the modulus of the cross-correlation
index between the two images, which is
a measure of the linear predictability of the two
random variables corresponding to the master
and slave SAR image values in the given pixel.
The coherence is a product of several
decorrelation effects, the most important being
associated with the change of the imaging geom-
etry due to the spatial orbit offset, the temporal
separation between the acquisitions and the ther-
mal noise. Spatial decorrelation is caused by the
change of the imaging angle which determines
a change of the backscattering coefficient,
because of the presence in each resolution cell
of a large number of scattering sources. The tem-
poral decorrelation is due to the change of the
scene backscattering properties over the time.
This decorrelation source is of main importance
in repeat pass interferometry, especially with sys-
tems operating at higher frequencies (f.i.,
X-Band). It is critical over the sea and in vege-
tated areas where the growth and in general the
change of vegetation lead to strong variation of
the backscattering coefficient. The last term, the
thermal decorrelation, is due to the presence of
thermal noise in the receiving apparatus. It is par-
ticularly evident in areas characterized by very low
scene backscattering. Other decorrelation sources
are associated with variations of the imaging
aspect angle (Doppler centroid decorrelation) and
to processing artifacts.
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It is worth pointing out that what is really
measured in interferometry is only a restricted
version, corresponding to the modulus 27 of
A¢p: one of the most critical steps of the interfer-
ometric processing is therefore represented by the
unwrapping procedure which is required to
retrieve the exact, unrestricted, absolute differen-
tial phase from whom quantity of interest can be
estimated. Decorrelation effects, as well as large
phase discontinuities, f.i., associated to steep
height variations, affect the reliability of phase
unwrapping algorithms (Ghiglia and Pritt 1998).

Multipass SAR Interferometry

Satellites regularly repeat orbits over the time.
As a consequence, stacks of multipass acquisi-
tions, characterized by angular and temporal
diversity, are available in remote sensing
archives for most of the Earth surface. In order
to achieve a higher accuracy in the estimation of
the deformation, modern advanced DInSAR
processing algorithms jointly process all the
images in stacks of multitemporal acquisitions:
this processing allows in fact to provide
a discrimination between the atmospheric and
deformation as well as to cancel possible residual
topography components.

Among all, interferometric techniques can be
distinguished in two main categories which are
characterized by complementary assumptions
about the ground scattering: the multipass
DInSAR stacking techniques and the Persistent
Scatterers Interferometry (PSI). The class of the
DInSAR stacking methods is a direct extension of
the classical two-pass DInSAR technique.
It assumes the scattering to be spatially distrib-
uted over the resolution cell and is based on the
exploitation of both only small (temporal and
spatial) baseline interferograms (hard baseline
thresholding) and of a spatial multilook in order
to limit the effects of decorrelation and reduce the
phase noise in the interferograms, as for the Small
BAseline  Subset  technique  (Berardino
et al. 2002). It is tailored to the monitoring of
wide areas and scattering mechanisms that
exhibit decorrelation including rural areas with
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Paganica

et
Deformation Value .

SAR Tomography for 3D Reconstruction and Moni-
toring, Fig. 3 Post-seismic deformation velocity map
and co/post-seismic time series of a point in the Paganica

slow temporal correlation losses. This technique
relies on the inversion of the linear system relat-
ing interferometric (differential) phase values
after phase unwrapping to the phase values on
each acquisition. The separation of displacement
and atmospheric contribution is carried out by
exploiting their statistical characterization in
terms of spatial and temporal correlation.
DInSAR stacking methods analyze interfero-
grams typically generated by pairing acquisitions
characterized by small spatial baselines and tem-
poral separation, thus limiting the decorrelation.
They play a favorable role in the design of a
two-scale  processing: besides effectively
counteracting decorrelation and phase noise, the
spatial multilooking allows also to under-sample
the interferograms in the image spatial (azimuth
and range) coordinates, thus reducing the amount
of data and consequently the computational effort
for the analysis of large areas. Therefore, this
class of algorithms is particularly suitable for
the analysis of large areas at lower resolution

2009.8

area close to L’ Aquila obtained by processing a dataset of
33 Cosmo-Skymed images acquired between April 4 and
October 13, 2009 (Reale et al 2011b)

(small scale). Additionally, through the analysis
of multiple interferograms, the atmospheric
phase contribution can be estimated and compen-
sated from the data. This latter, coupled with the
removal of the background deformation signal
occurring on a small scale, are used to phase
calibrate the full resolution data for processing
at large scale, i.e., at the level of single building
and infrastructure.

A typical product of the processing through
DInSAR stacking techniques is reported in Fig. 3:
it represents the deformation mean velocity map,
superimposed to a Google Earth image,
corresponding to the slope of the deformation
time series for each pixel selected by looking at
a quality index measuring the temporal consis-
tency of measurements after phase unwrapping.
The processing has been carried out through the
application of the Enhanced Spatial Differences
(ESD) technique which extends the classical
SBAS approach by exploiting a model for the
phase differences between adjacent pixels to
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counteract the effect of atmospheric contribution,
thus supporting the phase unwrapping step and
increasing the coverage and accuracy of the
retrieved deformation measurements (Fornaro
et al. 2009b). The result is relevant to the dataset
of Cosmo-Skymed acquisitions over the area of
L’Aquila, in the central part of Italy, struck by the
2009 earthquake. During the emergency acquisi-
tion plan, the Cosmo-Skymed constellation, at
that time composed by three of the four satellites
nowadays operatively, intensified the acquisition
to its highest possible rate (almost 1 acquisition
every 5 days on average) to acquire in only
6 months datasets on ascending and descending
orbits on different beams including a sufficient
number of images for multipass differential
interferometric processing. The result presented in
Fig. 3 is relevant to the processing of 33 H-image
ascending acquisitions (beam 09 corresponding to
an incidence angle of about 40°) taken between
April 4 and October 13 2009. Colors in the map
move from blue, associated to movements toward
the radar los (uplift), to red, associated to move-
ments away from the sensor (subsidence). The
velocity map (evaluated only on the post-seismic
dates from April 12 to October 13) overlaid to
a Google Earth image shows an area of subsidence
with a rate exceeding the limit of 6 cm/year affect-
ing the city of Paganica, in the eastern part of
L’Aquila. In the same image, the plot of the time
series of a point in the subsidence area shows the
jump associated to the main shock (April 6) and
the exponential decay of the subsidence with the
aftershocks. Measurements were shown to be in
full agreement with traditional leveling (Reale
et al. 2011b) and GPS measurements (D’ Agostino
et al. 2012).

The second class of multipass techniques, the
Persistent Scatterer Interferometry, as for SAR
tomography, works at the highest spatial resolu-
tion to determine the deformation of single dom-
inant scatterers typically associated with
man-made structures (dihedral and trihedral of
walls edges, poles, gratings, etc.) (Ferretti
et al. 2000, 2001). In this case, to achieve also
high accuracy in the estimation of the localization
of scatterers, no limitations on the spatial baseline
are introduced. Similarly to DInSAR stacking
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and differently from SAR tomography, PSI uses
only the phase information and assumes the pres-
ence of a single persistent scatterer per resolution
cell retaining correlation over the time (persistent
scatterers). The use of the model however pre-
sumes the compensation of phase contributions
such as the atmospheric phase delay. Such
a compensation can be carried out either by ana-
lyzing the phase on persistent scatterers
(PS) candidates, which are strong scatterers
where the phase is less affected by noise or by
using the coarse resolution product of previous
stacking techniques. In the latter case, a good
practice is also to subtract the low-resolution,
spatially correlated, deformation so to obtain
also a zero deformation steering to carry out
high-resolution analysis on residual phase sig-
nals: the following model is assumed for the
vector ¢ collecting the compensated phase values
in the N available acquisitions at full resolution

4 b 4r
¢=——st—ds 1)+,

A A @

where b is the N-dimensional vector of spatial
baselines and d(s, #) is the vector collecting the
displacements measured at the acquisition
instants collected in the vector £. Following the
compensation for low-resolution components,
deformations are divided into the linear,
described by the average (mean) velocity v of
the pixel corresponding to the slope of the time
series wrt to the epochs, and nonlinear d,,
addenda, i.e.,d(s, t) = vt +d,,.

PSI assumes nonlinear terms having a small
amplitude and carries out, for each pixel,
a measure of the correlation of the measured
signal with the model in Eq. 2, through the max-
imization of the scalar product in the following,
which returns also an estimation of the (s, v)
parameters:

1
C = max —

max & ()0

3

Only pixels for which C is above a fixed threshold
are labeled as persistent scatterers and therefore
the algorithm provides the temporal series as
a product.
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In the recent literature, the SqueeSAR
approach has been proposed as an extension of
the PSI technique to handle the impact of target
decorrelation of distributed scatterers (Ferretti
etal.2011). SqueeSAR performs a phase filtering
of the interferograms by exploiting the correla-
tion matrix estimated from the data. SqueeSAR
extends PSI to partially correlated (i.e.,
decorrelating) scatterers: the algorithm looks for
a persistent scatterer (PS) mechanism equivalent
to the real distributed scatterer, i.€., it assumes the
response of the equivalent scatterer characterized
only by phase variations with constant amplitude.
Similarly to DInSAR stacking, SqueeSAR is tai-
lored to the analysis of rural areas, however it
does not perform a hard threshold on the base-
lines but rather it uses in a weighted way all the
interferograms.

SAR Tomography System Model

SAR tomography is a step forward, respect to
PSI: both are designed to monitor, at the full
available spatial resolution, the deformation
affecting ground scatterers. The key difference
is however the different assumptions of the nature
of the scattering which reflects into the interpre-
tation of the received signal. As PSI processes
only the phase information interferograms and
therefore assumes the presence of a single scat-
tering mechanism, SAR tomography removes
this latter hypothesis and considers the complex
value of each image pixel measured at the generic
nth acquisition as the superposition of multiple
elementary backscattering contributions distrib-
uted along the elevation s (Reigber and Moreira
2000; Gini et al. 2002; Fornaro et al. 2005). Dif-
ferential tomography exploits the multitemporal
characteristics to allow tomography to also mon-
itoring deformation of scatterers. Particularly,
a Fourier expansion of the deformation term
d(s, t) is introduced and, assuming the atmo-
spheric phase delay caused by the propagation
in atmosphere being compensated through
a preliminary multipass DInSAR processing
(f.i., SBAS), the measured signal at the generic
antenna is therefore modeled as (Lombardini
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2005; Fornaro et al. 2009a; Zhu and Bamler
2010a):

Anbns Anviy

8n = ” Y(s,v)el e T dsdy + wy,
I,

“

which shows that, but for the noise term w,,, a 2D
Fourier transform (FT) relationship stands
between the data g, and the backscattering distri-
bution y in the elevation/velocity (s, v) domain
with respect to the Fourier conjugate variables
&, = —2b,/(Ar), associated with the elevation s,
and 7, = —2t,//, associated with the velocity v.
In particular, as a consequence of the deformation
term Fourier expansion, y(s, v) plays in v the role
of the spectrum of the motion-related signal for
elevation s. For linear deformation, the spectral
velocity coincides with the deformation rate, i.e.,
d(s, t,) = vt,, and then v is usually referred to as
deformation mean velocity, whereas for more
complex motion, v identifies the (velocity) har-
monic involved in the motion.

The tomographic problem consists of the esti-
mation, in each image pixel, of the scene back-
scattering distribution y(s, v) starting from the
N samples g,, and involves, in the most general
case, the inversion of Eq. 4, that is, a spectral
analysis of the data. This analysis moves the inter-
ferometric processing toward an imaging problem
approach which extends the classical azimuth
compression concepts widely known in the SAR
2D image focusing also for the third (elevation)
dimension. Large antenna spans are coherently
processed to achieve narrow responses and
improve height resolution to the order of meters,
allowing separating backscattering from source
which are located at different heights. The scatter-
ing sources in the pixel can be spatially concen-
trated (compact scatterers), as for the layover in
urban area where scatterers are typically located
on the roofs and facades of building and interfere
with those at lower heights, f.i., on the ground, or
can be distributed along the elevation as for appli-
cation in forest scenario where separation of
ground level from canopy is of interest (Reigber
and Moreira 2000; Cloude 2006; Tebaldini 2010).

The 4D model in Eq. 4 represents the most
general imaging model which can be
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particularized under specific conditions: in case
of simultaneous acquisitions implying the
absence of temporal diversity, as well as in case
of absence of deformation, the signal model
reduces to a 1D Fourier transform, and then the
backscattering profile y(s) is of interest. This
introduces to the 3D imaging framework. On
the other hand, whereas uniform motion mostly
applies for classical risk situations associated to
slow, long-term deformation phenomena, more
complex behavior can be also taken into account:
the analysis of latest X-Band SAR data points out
a higher sensitivity to small changes as those
caused by the thermal dilation of materials
(Reale et al. 2011a; Zhu and Bamler 2011).
Moreover, since revisiting times are reduced
with respect to the former generation of SAR
sensors, the time requested to collect a sufficient
number of images for reliable application of
tomographic processing reduces to the order of
1 year, whereas typical C-Band ENVISAT and
ERS acquisitions spanned a temporal interval of
observation spanning several years. The reduced
observation times may imply possible correlation
with linear deformation behavior and impair the
estimation of the deformation mean velocity
(Reale et al. 2013). Even so, the sensitivity to
thermal dilation can be exploited by SAR tomog-
raphy as well. By extending the deformation
model to account also for a second contribution
linearly related to the average temperature T, at
the acquisition instants, i.e., d(s, t,) = vt, + kT,
the order of the tomographic imaging can be
extended (5D imaging) to estimate also
a coefficient k& which measures the expansion
along the line-of-sight for each degree of temper-
ature change (Zhu and Bamler 2011; Reale
et al. 2013). In application to the monitoring of
strategic infrastructures, this strategy allows esti-
mating the stress induced by the temperature
changes over the different segments of the struc-
tures (Fornaro et al. 2013).

SAR Tomography Imaging Algorithms

Multidimensional SAR imaging algorithms pro-
posed in the literature typically work on
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a discretized version of the model in Eq. 4: letting
Y =[7(S0, V0)s -« » V(Spr — 1, Vs — 1)]Tbe the vector
that collects the M = My x M, samples of (s, v)
at the discrete points, hereafter called bins, (s,,,
V), Wwithm =0, ..., M — 1, belonging to the M x
M, elevation/velocity  discretization  grid
(T defines the transposition operator), and
g=10%0,--»gv_11"andw=[wo, ..., wy _ 11"
the vectors collecting, for each pixel, the mea-
sured complex data and the noise contribution at
each acquisition, respectively, the FT operator in
Eq. 4 can be rewritten in the discrete case as

where A = [ay, ..., ay _ 1]Tis the N X M system
matrix collecting the steering vectors associated
with each discretization bin synthetically defined
as a,, = a(s,, v,), whose generic element is
(@), = exp[—j2m(E,Sm + 1,vm)]/ VN.

Several techniques can be used to implement
the imaging, that is, the inversion of Eq. 5 that
leads to the estimation of the backscattering dis-
tribution in the elevation/velocity plane (s, v).
Each is characterized by a different trade-off
between simplicity, computational efficiency,
sidelobes reductions, and super-resolution
capability.

The beamforming (BF) technique represents
the classical method to perform the inversion of
Eq. 5: it makes use of the conjugate operator A,
with H being the Hermitian (conjugate transpose)
operator, to profile the backscattering along the
elevation bins (Fornaro et al. 2009a):

7=A". )
Once the backscattering in the (s, v) plane has
been estimated, scatterers are selected by looking
for strong peaks in . In this context, a tool for the
effective selection of reliable scatterers is
required: since in real data the useful information
is corrupted by noise, a detection stage is required
to control the false alarm rate, defined as the
probability to declare the presence of a scatterer,
whereas the scatterer is not really present on the
ground. With reference to the case of a single
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scatterer pixel, a test statistic based on the gener-
alized likelihood ratio test has been proposed in
the literature: it provides at the same time the
maximum likelihood estimation of the (s, v) pair
and declares the presence (hypothesis Jf;) or
absence (hypothesis Jfy) of the scatterer for
a given probability of false alarm by exploiting
a test statistic which is strictly related to the BF
reconstruction and is expressed as (De Maio
et al. 2009):

a0 0
I lglllals. Il g,

where T is the detection threshold, belonging to
the [0, 1] interval and set according to the desired
level of false alarm. It is worth noting that for
single scatterers, the test statistic represents the
highest peak of the normalized BF reconstruction
and the argument of the maximization is just the
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SAR Tomography for 3D Reconstruction and Moni-
toring, Fig. 4 Small-scale deformation mean velocity
map estimated by the ESD technique on a dataset of
29 Cosmo-Skymed images over the city of Rome, Italy.

ML estimation of the (s, v) parameters. The
GLRT in Eq. 7 allows also demonstrating the
effectiveness of an imaging approach, as in
SAR tomography, with respect to the classical
interferometric processing. The PSI technique,
in fact, exploits a similar test but for the use of
only the phase information of each element of the
vector g (Ferretti et al. 2000, 2001): the exploita-
tion of the whole complex, amplitude plus phase,
data as in Eq. 7 provides a significant increase,
with respect to PSI, of the detection probability
for a fixed false alarm rate.

Typical products achieved by the sequence of
low-resolution DInSAR stacking techniques for
the derivation of coarse-scale deformation and
calibration of data for the subsequent full resolu-
tion processing is reported in Figs. 4 and 5. The
processing involved a dataset of 29 Cosmo-
Skymed images acquired over the city of Rome,
Italy, from April 2011 to October 2012 in
H-image mode which provides images with 3 m

ey Tivoll

¢Roma

o Albano Laziale

= GOOgle

Colors are set on the estimated velocity and correspond to
movements toward the sensor (uplift) in blue and away
(subsidence) in red. Optical image courtesy of Google
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SAR Tomography for 3D Reconstruction and Moni-
toring, Fig. 5 3D visualization of the scatterers,
represented as dots, detected by the GLRT after 4D
beamforming reconstruction. Colors are set according to

of spatial resolution. According to the SBAS
approach, a total number of 80 interferograms
has been generated by imposing maximum spa-
tial and temporal baseline spans of 1,000 m and
150 days, respectively. A multilook has also been
carried out through the use of a 16 x 16 pixels
moving average filter followed by a subsampling
of the same factor. In Fig. 4 it is shown the
deformation mean velocity map, superimposed
to a Google Earth image, corresponding to the
slope of the deformation time series for each
pixel selected by looking at a quality index mea-
suring the temporal consistency of measurements
after phase unwrapping. As for the L’Aquila
dataset, the low-resolution processing has been
carried out through the ESD technique. Colors in
the map move again from blue (uplift) to red
(subsidence). The results highlight the presence
of a distributed deformation pattern in the west-
ern part of the city which largely affects also the
Rome airport. The large number of detected scat-
terers can be appreciated, although visualization
constraints of the Google Earth environment
impose a reduction of the total number of points,
in this case of a factor 5. The dynamic range also

the estimated deformation mean velocity. The area is
relevant to the Grotta Perfetta area in Rome, close to the
Tevere River. Optical image courtesy of Google

hides some deformation signals occurring in the
central part of the city, which is of interest for the
application of full resolution tomographic analy-
sis provided in a following section.

Figure 5 provides a close view, in a Google
Earth framework, of the results of the application
of 4D imaging and subsequent GLRT detection
on the Cosmo-Skymed dataset over Rome intro-
duced before. It allows attesting the capabilities
of imaging approaches in the single building
monitoring. The area, in the Rome city center, is
affected by a severe subsidence induced by
the consolidation of the alluvial sediments of
the Tevere river. Each dot corresponds to
a detected scatterer after geocoding from the
original radar geometry to the natural geographic
coordinates system: the correct estimation of
heights allows effectively positioning scatterers,
as they overlap the 3D models provided by
Google Earth. Furthermore, the colors corre-
spond to deformation velocity rate estimated for
each scatterer: several buildings in the area suffer
for large subsidence rates which cause extensive
structural damages affecting their stability
(Arangio et al. 2013).
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The detection problem can be straightfor-
wardly extended to the case of multiple scatterers
per resolution cell, which may occur in layover
areas. In this framework, a detector which tests
the presence of possibly a maximum of two scat-
terers based on a sequential use of the GLRT
discussed above has been also presented
(Pauciullo et al. 2012). With reference to the
separation of interfering scatterers within the
same image pixel, in application to a real acqui-
sition scenario, the acquisition geometry poses
limitation on the imaging capabilities of BF: the
baseline distribution defines the unambiguous
elevation range that is the maximum extension
allowed in elevation direction to avoid aliasing
phenomena. Given Ab,, be the spatial separation
between the successive antennas, the unambigu-
ous elevation interval will be A; = Ar/(2Ab),
where Ab is the average value of Ab, in case of
nonuniform baseline distribution. Moreover, the
final elevation resolution of BF cannot exceed the
Rayleigh resolution given by A; = Ar/(2B) with
B being the total baseline span. In the same way,
unambiguous velocity interval and velocity reso-
lution can be also defined as A, = A/(2Ar) and
A, = 2/2T), where At and T are the average
temporal separation and the total temporal span,
respectively. The elevation resolution plays a key
role in the capability of distinguishing possible
multiple scattering contributions within the same
pixel: it implies the minimum separation of scat-
terers as they can be distinguished as separate
scatterers. Latest satellite SAR missions as the
TerraSAR-X are characterized by a narrow radius
of the orbital tube, leading to small baseline
excursions that result in final height resolution
of some tens of meters. In application to urban
areas, such a resolution can be very restrictive for
the solution of the interference due to the layover.
Finally, in all the practical applications, baselines
are far from being uniformly distributed, thus BF
gives poor reconstruction performances in terms
of sidelobes and leakage in the (s, v) point spread
function. Alternative strategies can be adopted to
improve both the resolution performances and
also the quality of the reconstruction of ¥ in the
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presence of highly uneven baseline distributions
and at the same time achieve some super-
resolution capabilities, i.e., the possibility to
push the height resolution below the inherent
Rayleigh limit.

The use of the singular value decomposition
(SVD) of the operator A in Eq. 5 allows regular-
izing the inversion by restricting the solution
space and benefiting of the inclusion of very
limited a priori information on the expected
scene elevation extent. The regularization,
obtained through the so-called Truncated SVD,
allows avoiding noise amplification and inver-
sion instabilities and hence generally provides
a better sidelobe reduction and as well as slight
super-resolution than plain BF (Fornaro
et al. 2009a).

Compressed sensing (CS) is a recent technique
used in linear inversion problems for signal
recovery that takes benefit of the hypothesis that
the signal to be reconstructed have (in some
basis) a sparse representation, i.e., a small num-
ber of nonzero entries. Under certain assumptions
of the measurement matrix, the signal can be
reconstructed from a small number of measure-
ments. SAR tomography in urban areas is
a favorable application scenario for CS due to
the fact that for typical operative frequencies,
the scattering occurs only on some scattering
centers associated with ground, facades, and
roofs of ground structures (Zhu and Bamler
2010b; Budillon et al. 2011).

Summary

Available high-resolution synthetic-aperture
radar imaging sensors are capable of providing,
in a systematic regular basis, images of single
buildings and ground targets with very high spa-
tial details. Persistent Scatterers Interferometry
techniques have been already shown to largely
benefit of the use of very high-resolution data to
monitor buildings. Despite the spatial resolution
increase, the steepness of the topography
corresponding to vertical structured targets
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generates critical distortion effect, the most crit-
ical ones are shadow and layover. These are
major impairing sources in the analysis of SAR
images corresponding to urban areas. SAR
tomography represents a powerful technique
which allows the implementation of a radar scan-
ner from the space with large 2D antennas to scan
the details of building and overcoming problems
of layover to generate dense point-cloud mea-
surements of buildings. Multidimensional SAR
imaging, based on the concept of SAR tomogra-
phy, is a tool that represents the most advanced
method in the 3D reconstruction and monitoring
of buildings. PSI and SAR tomography with
very high-resolution sensors provide a unique
too for application of spaceborne microwave
radar imaging to urban areas, which is expected
in the near future to play a key role in vulnerabil-
ity and damage assessment of buildings and
infrastructures.
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Introduction

Access to education is a basic human right. It is
enshrined in Convention on the Rights of the
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Child (1990), the World Declaration on Educa-
tion for All (in 1990), and the World Education
Forum (WEF 2000). It is one of the Millennium
Development Goals for the decade starting in
2005 and continues to be part of the “post-
2015” development agenda. Education is
strongly associated with poverty reduction, and
there are strong global and national drives to
implement it. The Global Partnership for Educa-
tion has 29 national partners, supporting the
implementation of universal, free, quality basic
education in 57 partner developing countries.
In GPE’s 2012-2015 Strategic Plan, the first of
its four strategic goals is “All children have
access to a safe, adequately equipped space to
receive an education with a skilled teacher.”
However, none of its monitoring indicators men-
tion safety. Since 2004, the GPE has contributed
to build, rehabilitate, and equip close to 53,000
classrooms (GPE 2014). However, up until at
least 2013, there was no systematic due diligence
with respect to disaster-resilient construction. In
the rush to fulfill the right to education, are chil-
dren being put at risk?

This entry assesses seismic threats to schools
and reviews incidents of children and teachers
killed by structural failure of school buildings as
well as structural damage to schools and near
misses. It reviews progress, good practices, and
lessons learned based on these threats. The entry
goes on to overview school vulnerability, global
experiences in seismic-resistant school construc-
tion, and retrofit. A summary of progress in
school seismic safety along with a recommended
systematic all-hazards approach to comprehen-
sive school safety set the stage to make the case
for continued advocacy for school seismic safety.

The Threat

According to estimates made by the Center for
International Earth Science Information Network
at Columbia University in 2006, there are more
than 100 million school-aged children exposed to
significant seismic risk throughout the world
(New York Times 2008). In 2004, 10 of the
16 contributors to this article initiated recording
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of case studies on progress and struggles for
school seismic safety which are updated in the
entry “» School Seismic Safety: Case Studies.”
They set out the magnitude of concern and main
arguments for advocacy in an unpublished arti-
cle. At the time, the authors posited the gruesome
estimate of “4,800 school children killed by
earthquake-related school collapse or severe
damage over the next decade. . . It might be rea-
sonable and prudent to plan to avoid a loss of
student life in earthquakes of somewhere
between 2,000 and 5,000 in a 10 year period.”
At the time it was written, this estimate seemed to
the authors to be somewhat alarmist.

The following year, shortly after the unprece-
dented destruction caused by the Indian Ocean
earthquake and tsunami, 168 countries agreed to
the 2005-2015 Hyogo Framework for action.
Over the course of this 10 year period, this dire
predication has been exceeded fourfold as the
result of only two major earthquakes during
school hours: the 8 October 2005 Kashmir earth-
quake which killed more than 18,000 students, in
addition to staff, in schools, and the 12 May 2008
Sichuan earthquake which killed more than 5,300
students, in addition to staff, in their schools
(UNISDR 2008).

In the powerful earthquake and massive tsu-
nami on 11 March 2011 in northern Japan, schools
themselves were by and large structurally sound
and resisted earthquake damage, but tsunami-
retaining walls were breached as the tsunami was
larger than expected and land subsidence had not
been factored in. Disaster drills and practice of
“tendenko” (automatic tsunami evacuation), by
many school children, saved many lives. Some
schools provided vertical evacuation, and many
survived at evacuation and shelter centers. But
instances of confusion occurred and many school
pupils and teachers also died. Today, the students
now displaced by the resulting nuclear disaster
recognize this neglected threat as the most cata-
strophic of all. The international community is
virtually silent on this threat.

In common with other infrastructure, school
buildings are subject to damage and collapse in
earthquakes. Many of these have resulted in chil-
dren killed while being educated (Table 1).
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Pictorial evidence of historic earthquake dam-
age to schools is available in the NISEE, Earth-
quake Engineering Online Archive.

There have also been many cases when an
earthquake destroyed school buildings when
they were not in session, and thus deaths and
injuries were narrowly avoided (Table 2).
However the severe impact on continuity of
education and the potential magnitude of loss
of life in these events further highlight the
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importance of ensuring the seismic safety of
schools.

Making the Case for School Seismic
Safety

Many public buildings and different sorts of crit-
ical infrastructure are threatened by earthquakes.
The case can be made for giving priority to

School Seismic Safety and Risk Mitigation, Table 1 Children killed by structural failure of school buildings

MOoE estimates 4,992 schools
affected (23 % of the nation’s

175 schools (7,000 classrooms) in
Sichuan and Shaanxi provinces

The wall of a primary school
collapsed. Fire followed. Up to
329 schools affected by several
earthquakes (2005-2010)

More than 10,000 schools
80 % of Mahesehra’s 2,749 66 % of
Batagram’s 678, and 37 % of

Abbottabad’s 1,829 public schools
were destroyed or seriously

4 school buildings collapsed. Only

the dormitory was occupied

900 classrooms collapsed

San Giuliano infant school

Date/local
time (Source) Location/magnitude® Consequences/schools
12 Jan 2010 Port-au-Prince, Haiti
16:53 M7.0
(CNN 2014) schools)
12 May 2008 Wenchuan, China
14:28 M.7.9
(COGGS were destroyed
2008)
6 Mar 2007 Western Sumatra
11:00 M6.4
(COGGS
2008)
8 Oct 2005 Kashmir, Pakistan, and
St. 08:50 India collapsed
(UNISDR M7.6
2008)
damaged
1 May 2003 Bingol, Turkey
03:20 M6.4
(Rodgers
2012)
24 February Bachu, Xinjiang,
2003 10:03 China
(COGGS M6.4
2008)
31 October San Giuliano di Puglia,
2002 11:40 Molise, Italy collapsed
(COGGS M59
2008)
26 January Gujarat, India

2001 Friday
08:16
Republic day
holiday
(COGGS
2008)

M7.6

1,884 school buildings collapsed.
5,950 classrooms destroyed.
36,584 unfit for instruction

Consequences/children

Deaths and injuries unknown.
Many children with disabling
injuries. Some schools were
holding their third shifts. Est.

1.3 m children and youth affected
>5,300 school children died in
dozens of schools

In the Beichuan Middle school,
1,300 of 2,999 students and
teachers died

4 primary school children died

>18,000 school children died
>50,000 school children were
seriously injured

84 students killed and
114 survived in the dormitory

Students were outside in physical
education at the time of the
earthquake. At least 20 students
killed in one middle school
collapse

26 children and 3 adults killed.
35 children rescued alive from
the building but some reports
suggest that one child died later
971 school children and

31 teachers were killed in school
activities. 1,051 students and

95 teachers seriously injured

32 children died at
Swaminarayan School

(continued)
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School Seismic Safety and Risk Mitigation, Table 1 (continued)

85 schools damaged beyond repair.
In aftershock 22 preschoolers and

Two out of five school buildings
collapsed. Four reinforced concrete

6-story medical school collapsed

380 children and youth institutions

destroyed. 105 of 131 in Spitak and

Most school buildings destroyed

10 schools destroyed, 30 damage.

Newly built secondary school wing

major damage. Classes held in tents
for 2 years. First legislation for safe

Date/local

time (Source) Location/magnitude® Consequences/schools
13 February El Salvador

08:22 and M 6.6

13 January their teacher were killed
2001

(COGGS

2008)

9 July 1997 Cariaco, Venezuela

15:24 M7.0

(COGGS buildings had serious structural
2008) defects

10 May 1997 Ardekul, Iran Elementary school collapsed
12:57 M73

(COGGS

2008)

1992 Erzincan, Turkey

(COGGS M 6.9

2008)

7 December Spitak, Armenia

1988 11:41 M6.8

(COGGS Leninakin destroyed
2008)

27 July 1976 Tangshan, China

03:42 M7.8

(COGGS

2008)

13 April 1949 Olympia, Washington,

11:58 USA Spring break

(COGGS M7.1

2008)

31 October Helena, Montana,

1935 USA collapsed

(COGGS M6.2

2008)

10 March 1933 | Long Beach, 70 schools destroyed. 120 with
Long Beach California, USA

(COGGS M6.4

2008) school construction

*Magnitudes from USGS or Wikipedia
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Consequences/children

50 % of fatalities were children

46 students killed

110 young girls were killed

62 students were killed.

Likely thousands of school
children killed. At least

400 children died in the collapse
of a Dzhrashen elementary
school

2,000 students killed in the
dormitory of the College Mining
Institute

2 children in school were killed

2 students killed. Classes not in
session, could have been much
worse

2 children died in gymnasium
collapse. Spring break, classes
not in session, could have been
much worse

schools from three perspectives: Duty bearers
have moral and legal obligations to fulfill chil-
dren’s rights to both safety and survival and edu-
cational continuity. In more affluent countries,
the cost benefits of investments in public safety,
the importance of safeguarding development
investments, and preventing educational disrup-
tion are undisputed. And, the uses of school
buildings as multipurpose community centers
and disaster shelters, even when children are not
harmed, have cascading social and economic

consequences beyond the replacement cost of
school buildings themselves. In most cases public
discussion and debate on these issues tend to mix
these ethical and pragmatic arguments.

Human Rights Argument
The human rights argument suggests that no soci-

ety should tolerate a choice between the safety of
children’s lives and their education. The right to
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School Seismic Safety and Risk Mitigation, Table 2 School structural damage from earthquakes

Date (Source)
2 July 2013
14.37

(Pandey 2013)
4 April 2010
15:40

(Rodgers 2012)

30 September
2009 17:16
(Rodgers 2012)

2 September
2009 14:55
(Pandey 2013)

21 September
2009 14:53
(Rodgers 2012)

6 April 2009
03:32
(Rodgers 2012)

12 September
2007 18:10
(Pandey 2013)
15 August 2007
23:40

(Rodgers 2012)
27 May 2006
05:53

(Rodgers 2012)
26 December
2004 early am
(UNISDR 2008)

26 December
2003 5:26
(COGGS 2008)
22 September
2003 12:45
(UNISDR 2008)
21 May 2003
19:48

(COGGS 2008;
OECD 2004)
24 February
2003

(COGGS 2008)
25 April 2002
22:41

(Rodgers 2012)

Location/magnitude®

Aceh, Indonesia
M6.2

California, USA, and
Baja, Mexico
M72

Padang, West Sumatra,
Indonesia
M7.6

West Java, Indonesia
M7.0

Mongar, Bhutan
M.6.1

L’Aquila, Italy
M6.3

Bengkulu, Indonesia
M8.5

Pisco, Peru
M 8.0

Yogyakarta, Indonesia
M 6.3

Indonesia, Sri Lanka,
Maldives, Thailand
M9.1-9.3

Bam, Iran
M 6.6

Puerto Plata,
Dominican Republic
M6.4

Boumerdes, Algeria
M 6.8

Xinjiang, China

Thilisi, Georgia
M4.5

Structural and educational impacts
966 schools affected

Significant structural damage to several schools in Mexico.
Significant nonstructural damage to several schools in the USA. Cost
of repair almost 20 % of annual budget for one school district
School was on spring break. Nonstructural damage would have
caused injuries and blocked egress. In California hazardous asbestos
from collapsed walkways and mercury from light fixtures closed
schools for extended periods

2,164 severely damaged, 1,447 moderately damaged, 1,137 lightly
damaged

School was recently dismissed for the day. Temporary school
buildings of timber frame and corrugated steel

716 schools affected

91 schools affected: 6 destroyed, 17 required major repair,

44 required partial repair, 24 required minor repair (cost 12.9 m USD)
plus damage to boarding schools, water, and sanitation

School was dismissed early for holiday. Temporary learning facilities
inadequate for weather

78 schools had extended closures and 12 partial closures

240 schools affected (2005-2010)

116 schools were severely damaged. 478 classrooms were needed to
restore school activities

Yogyakarta: 2155 educational facilities damaged or destroyed;
Central Java: 752 damaged or destroyed. Damage and losses
estimated at 1.7 trillion Indonesian Rupiah

School earthquake and tsunami damage combined:

Indonesia — 750 destroyed 2,135 damaged. Sri Lanka — 51 destroyed,
100 damaged. Maldives — 44 destroyed or damaged.

Thailand — 30 destroyed

67 of 131 schools collapsed. The remaining 64 were heavily damaged
and unusable

33,000 students were affected

50 public schools damaged, 140 classrooms impacted

18,000 students were without classrooms

130 schools damaged beyond repair. 753 schools extensively
damaged or destroyed

The earthquake occurred out of normal school hours, so children were
not at school. Cost of school rehabilitation $79 million+

Dozens of schools collapsed

The earthquake struck 27 minutes before thousands of children would
have been in classrooms

Approximately $8 million US in school damage. No collapses;

1 school with very heavy damage; 35 with substantial damage;

68 with moderate damage; 98 with negligible or slight damage

(continued)
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School Seismic Safety and Risk Mitigation, Table 2 (continued)

Date (Source)

21 September
1999 1:47
(COGGS 2008)

June 23 2001
15:33

(COGGS 2008)
17 August 1999
3:02

(COGGS 2008)

25 January 1999
13:19

(OECD 2004)
20 August 1998
(UNISDR 2008)

17 July 1998
00:19

9 July 1998 5:19
(COGSS 2008)

20 May 1998

12 November
1996 15:33
(COGSS 2008)
1996

(OECD 2004)
17 January 1995
5:46

(COGSS 2008)
1994

(OECD 2004)

17 January 1994
04:31
(FEMA 2011)

25 March 1993
(COGSS 2008)
17 October 1989
17:04

(EERI 1990)

10 October 1989
(OECD 2004)

20 August 1988
4:39
(COGSS 2008)

Location/magnitude®

Chi-Chi, Taiwan
M7.7

Arequipa, Peru

Kocaeli, Turkey
M7.6

Pereira and Armenia,
Colombia

M6.2

Udayapur, Eastern
Nepal

M 6.6

Papua, New Guinea
M7.0

Faial, Azores, Portugal
M6.2
Afghanistan/Tajikistan
M 6.6

Nazca, Peru

Temouchent, Algeria
M5.6
Hanshin-Awaji, Japan
M 6.9

Beni Chourgrane,
Aleeria

MS5.6

Northridge, California,
USA

M 6.7

Scott Mills, Oregon,
USA

Loma Prieta, California,
USA

M 6.9

El Asnam, Algeria
M73

Bihar, India, and
Udaypur Nepal
M 6.6

Structural and educational impacts

51 schools collapsed. 786 schools nationwide were damaged. 22 % of
schools and 71 % of post-secondary institutes damaged

The earthquake happened in the middle of the night, so no one was in
the building. Cost of repair and reconstruction $1.3 billion

98 school buildings seriously damaged

School not in session on Saturday

43 schools were damaged beyond repair. 381 minor to moderate
damage

In Istanbul 60 km away 35 schools were unsafe and demolished
School was not in session but was suspended for 4 months. In Istanbul
131 schools were closed temporarily, for inspection

74 % of schools in Pereira and Armenia were damaged

School was not in session

1,200 schools heavily damaged or destroyed. 6,000 affected

Schools destroyed

Schools damaged
School was not in session
Unknown

93 school buildings seriously damaged

6 schools destroyed, 17 moderate damage, 36 light damage

54 buildings school damaged beyond repair. Extensive earthquake
and fire damage to 4,500 educational buildings. ¥94 billion. School
was not in session

4 schools destroyed, 16 moderate damage, 30 light damage

24 of 127 affected schools suffered significant structural damage.
Suspended lighting and ceiling systems were damaged in 1,500
buildings

2, 204 schools were used as shelters. Had this occurred during the
school day, significant injuries and lack of safe egress for thousands
would have resulted. The Los Angeles Unified School District,
amongst others, embarked on projects for nonstructural mitigation,
now the responsibility of school maintenance personnel

Part of masonry school building collapsed

Spring break, school was not in session

7 schools in three districts and one headquarters sustained severe
damage. 1,544 were schools surveyed. Total value of damage $81
million USD

70-85 schools suffered extensive damage or collapsed

The earthquake occurred out of normal school hours, so children were
not at school

950 school buildings were damaged in Bihar

6,000 schools destroyed in Nepal

School was not in session

(continued)
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School Seismic Safety and Risk Mitigation, Table 2 (continued)

Date (Source)

8 November
1988

(UNISDR 2008)
19 September
1985 :17
(COGSS 2008)
2 May 1983
23:42

(COGSS 2008)
10 October 1980
13:25

(OECD 2004)

9 February 1971
06:01

(State of
California 2009)
31 May 1970
4:23

(COGSS 2008)
27 March 1964
(COGSS 2008)

1963

(COGSS 2008)
21 July 1952
4:52

(COGSS 2008)
4 March 1952
(USGS 2003)
10 March 1933
(COGSS 2008)

3 February 1931
(Dowrick and
Rhoades 2004)

17 June 1929
10:17
18 April 1906
05:12

Location/magnitude®
Yunan, China

Mexico City, Mexico
M 8.0

Coalinga, California,
USA

El Asnam, Algeria
M173

Sylmar, California,
USA
M 6.6

Chimbote, Peru
M79

Alaska, USA

Skopje, Macedonia

Kern County,
California, USAM 7.3

Sapporo, Japan

Long Beach, California,
USA

North Island, New
Zealand

Murchison, New
Zealand

San Francisco,
California USA

*Magnitudes from USGS
Bibliographic references on many structural impacts on schools are available on the internet (Rodgers 2012)

life and the right to education are both recognized
human rights, and both should be met. This argu-
ment takes on additional salience in view of the
current international effort to increase school
enrollment and attendance by girls, disabled chil-
dren, and children of the very poor and margin-

alized groups in society.

Structural and educational impacts
1,300 schools destroyed in earthquake

137 school buildings collapsed, 1,687 school buildings were damaged
Schools were not yet open

Extensive nonstructural damage noted

70 schools totally destroyed, 25 moderately damaged
School was not in session

Only 4 of 1,544 buildings surveyed suffered severe damage. Nearly
all damage was nonstructural
School was not in session

6,730 classrooms collapsed and hundreds seriously damaged

Primary school destroyed by an earthquake-induced landslide. Half of
Anchorage’s schools were significantly damaged

The earthquake struck on a holiday, Good Friday, so schools were
closed

44 schools (57 % of urban stock) were damaged
50,000 students affected. Sunday, school not in session

20 schools damaged or destroyed (most built before 1933).
Significant nonstructural damage also noted

400 schools collapsed in Sapporo

70 schools collapsed
The earthquake hit early in the evening after children had left for the
day which saved their lives. Five students were killed in a gymnasium

Several schools were severely damaged

The earthquake happened at mid-morning during school playtime
when the children were outdoors enjoying the summer weather. Some
students were killed, but the death toll could have been several
hundreds

College tower and dormitory roofs collapsed
School was not in session

28 schools burned in fire. 41 schools damaged or destroyed
Classes were not in session

Around the world, at least 100 million chil-
dren of school age do not attend school
representing about 14 % of the world’s chil-
dren (UNESCO 2004). Providing facilities to
educate them requires construction of schools
and rapid expansion of building programs.
The Education for All campaign originally
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hoped to enroll 24 million of these children in
a decade. Millennium Development Goals
(MDGs) specifically aim to “[e]nsure that, by
2015, children everywhere, boys and girls
alike, will be able to complete a full course
of primary schooling.”

In 2004 it was estimated that more than 7,500
new schools were needed within the next 3 years
solely in Afghanistan, a country with a significant
seismic hazard. It would be ironic and tragic if in
the course of achieving one MDG, another is
undermined.

Another MDG target is to reduce the under-
five mortality rate by two thirds, between 1990
and 2015. On the one hand, the international
community is seeking to save the lives of under-
fives, only to put them at risk a few years later
when they go to school.

Educational authorities changed with the con-
struction and maintenance of schools are also the
ones tasked with many other functions: They
develop curricula, hire teachers, and choose
educational resources such as textbooks and
computers. School safety issues have to find
a place in the capital, maintenance, and
operation budgets of school buildings and school
operation.

Retrofitting schools for seismic safety can be
perceived to compete for funds with the rest of
the educational process. The question facing
decision makers can actually appear to be:
“What is more important: an up-to-date
textbook and good laboratory facilities now or a
building that can withstand an extreme event
which might or might not occur with the next
few decades?”

Under most circumstances, young people do
not lobby for their own rights to health and safety.
Children cannot refuse to go to school because a
building is unsafe. By law, they must attend
school, though teachers, parents, and others may
advocate on their behalf. Faculty and support
staff in schools should also be concerned for
their occupational safety and theoretically be nat-
ural advocates of safe school facilities. Yet there
are no examples mentioned to date of teachers
unions becoming involved in the issue of school
disaster vulnerability.
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Cost-Effectiveness Arguments

There are two forms that cost-effectiveness argu-
ments may take. One asserts that the authority
responsible for education incurs greater cost in
the long run to repair and replace schools dam-
aged by earthquakes than the cost of enforcing
building codes and making sure that every new
school is a safe school (or even of retrofitting
older or poorly built schools). In some cases,
replacement of unsafe schools is more cost-
effective than repair (e.g., see entry “» School
Seismic Safety: Case Studies,” for examples
from Algeria, Colombia, and Turkey). Notable
studies of the benefits and costs of retrofitting
schools in the USA, Italy, Mexico, and Peru
have been published in the decade between
2004 and 2014.

A more ambitious and difficult case to make
concerns the relative cost-effectiveness of invest-
ments in school seismic safety when compared to
investing that money in other kinds of public
health, safety, and welfare. In cases where child
and infant mortality is high, longevity is shorter,
basic vaccinations are not universal, or safe
domestic water and sanitation facilities are inad-
equate, then the relative ranking of school safety
as a cost-effective public health intervention may
be low. Competition for public health funds could
occur in trying to decide between clean water and
vaccinations for everyone versus school seismic
safety. In more affluent countries, the cost-
effectiveness of saving lives in a future disaster
usually has a high place among prioritized goals.

Of course, the physical safety of children, both
in schools and out in the world at large, goes well
beyond school seismic safety. HIV/AIDS, mal-
nutrition, sexual violence, malaria, labor prac-
tices, and forced military service are day-to-day
threats to the physical safety of many of the
world’s children. The small potential for an earth-
quake over the next century might appear to pale
beside other concerns which daily kill many more
children.

However, in places where school seismic
safety is a prominent issue — such as Tehran,
Vancouver, Kathmandu, Bogota, and
Wellington — a significant earthquake has a high


http://dx.doi.org/10.1007/978-3-642-35344-4_406
http://dx.doi.org/10.1007/978-3-642-35344-4_406

2458

probability of happening during the lifetime of
schools currently standing and, therefore, for the
gradually changing cohort of children during the
life of the building. If earthquakes happen with
equal probability around the clock, then approx-
imately a 6-23 % chance exists of schoolchildren
being in the school during a damaging earth-
quake. Cost-benefit studies of seismic construc-
tion estimate that it would add about 5 % to the
cost of building a school in the USA, and in other
countries the highest estimates are about 15 %,
making the expectation that “every new school be
a safe school” a realistic expectation.

When a population at risk is predominantly
children, depending on the country, each death
represents 40—70 years of lost life and productiv-
ity, and each injury represents 40-70 years of
potentially expensive medical care, such as for
brain or spinal injuries. Fix schools and several
generations of children are protected. Health eco-
nomics and medical ethics agree that the greatest
social benefit comes from investment in the
health and capacities of children. Aside from
saving lives, the cost of education interrupted,
and the serious potential for drop out adds another
cost factor that seismic safety could help avoid.

Argument from the School’s Multiple
Functions

The symbolic, cultural, economic, and political
significance of schools as a community hub gives
them an importance beyond merely being the site
for educating children. Schools often play roles
as central places for meetings and group activi-
ties, including literacy classes, religious services,
political activities, and marriage ceremonies, par-
ticularly in rural areas where the school might be
the only location big enough to hold such an
event. Schools may also provide essential nutri-
tion programs and serve as makeshift hospitals or
vaccination centers even in normal times.
Where schools are the safest buildings in a
community, they often serve as temporary shelter
from storms and floods. They may be staging
areas for first aid or rescue operation or other
disaster response functions and even provide
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temporary housing, while still fulfilling their
role as an education facility.

Thus schools have a value in the social fabric
of a community, providing adult education, pro-
moting public health, building and maintaining
sustainable livelihoods, and protecting people.
The monetary value of those social gains defies
estimation but clearly adds value and further jus-
tifies investment in safe school construction and
maintenance.

We know from many disasters the important
role that schools play in anchoring and speeding
community recovery. Rapid school re-opening
has tangible benefits in terms of children who
are safe, supervised, and progressing towards
their educational goals. Intangible benefits of
schools functioning normally following a disaster
include the psychosocial support in the face of
loss and change. The importance of operational
continuity of schools is linked to community
recovery.

To take another example, retrofitting can
spread a message far beyond the school. When
children see their school being seismically
retrofitted, they may have and may be designed
to have ripple effects on safer residential con-
struction. However, this is by no means auto-
matic, and just how to maximize school
construction or retrofit experience into a wider
learning opportunity is a promising line of pur-
suit. Schools certainly serve as community hubs
for propagating the seismic safety messages.
School seismic safety can not only protect a
community’s children but also educate commu-
nities to protect themselves.

Progress, Good Practices, and Lessons
Learned

Assessing School Safety from Disasters, A Global
Baseline Report (UNISDR 2012) found several
consistent threats to safe school facilities:

 Failure to assure every new school is a safe
school: Neither donors, governments, nor
NGO associations have unequivocally com-
mitted to providing evidence or assurances or
submitted to monitoring to assure that every
new school is a safe school. Many small-scale
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donors are particularly unaccountable and
are not reached by the same accountability
mechanisms and efforts of UN agencies
and major international non-governmental
agencies.

¢ Multi-hazard awareness is often lacking: In
the construction of school facilities, there are
many examples of fulfilling resilience to one
hazard, while failing to mitigate against
others — sometimes resulting in schools being
dangerous in spite of good intentions or lying
unused.

» Impact of construction on education and
family life not well understood: School
remodeling, retrofit, and replacement all have
an impact on existing school programs and
families. Planning these projects to minimize
adverse impacts continues to be a concern.

« Opportunity for construction and retrofit
as an educational experience is untapped:
School construction and retrofit provide ideal
opportunities for students and communities to
learn the many principles of disaster-resilient
construction to be applied throughout their
communities. This opportunity is typically
wasted as school sites are hidden from view
and the experience is not used as a learning
opportunity.

+ Lifeline infrastructure failures threaten
school attendance: Vulnerabilities in roads,
bridges, and transportation systems must be
prioritized when school attendance is
threatened.

 Failure to prioritize school re-opening jeop-
ardizes community recovery: Schools play a
critical role in disaster recovery and commu-
nity resilience where adults cannot return to
work (UNISDR 2012).

The same study found consensus around the
following core commitments required for safe
school facilities: (1) Every new school must be
a safe school. (2) Legacy schools should be pri-
oritized for replacement and retrofit. (3) Lifeline
infrastructure and nonstructural safety should be
assessed locally and measures taken to mitigate
[dangers]. (4) School furnishings and equipment
should be designed and installed to minimize
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potential harm they might cause to school
occupants.

The expert review process that was part of the
Guidelines for Safer School Construction (INEE
2010) yielded identification of a rich set of
enabling factors associated with successful and
sustained programs for school structural safety
that all school safety advocates need to consider
awareness, community ownership, partnership
and dialogue, quality assurance, appropriate tech-
nology, integrated education, cultivating innova-
tion, encouraging leadership, and continuous
assessment and evaluation.

Overview of School Building
Vulnerability

Rodgers (2012) reviewed earthquake damage
assessment reports through 2009, for 32 earth-
quakes globally and aggregated findings from
31 school building vulnerability assessments.
Table 3 shows the most commonly cited sources
of vulnerability from both sources.

The general lack of agreement between vul-
nerability assessment and damage data likely
reflects fragmentary and typically inadequate
efforts to collect school damage data following
past earthquakes, as well as a tendency for vul-
nerability assessments to identify common char-
acteristics (such as plan irregularities) that rarely
lead to the severe damage noted in post-
earthquake damage surveys and reconnaissance
reports. More complete earthquake damage data
would provide the best indicator of the
vulnerability-creating characteristics more likely
to cause severe damage, because many vulnera-
bility assessments do not differentiate the sever-
ity of damage expected from observed
deficiencies.

The sources of and characteristics of structural
vulnerability can be summarized in terms of:
configuration (large windows with partial height
walls below create captive columns or narrow
piers, large windows on one side, weak or soft
stories, large rooms, buildings one bay wide often
with irregular plans), building type (vulnerable
forms of vernacular and engineered construction,
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School Seismic Safety and Risk Mitigation, Table 3 Characteristics found in damage and vulnerability assessments

Cited in 25 % or more

Damage
Characteristics
Captive columns due to partial height masonry | v/
infill walls under windows

Non-ductile reinforced concrete frame
construction

v
Generally poor construction quality v
Poor-quality engineered materials v
Soft or weak story

General plan irregularity

Exterior falling hazards

Maintenance deferred or lacking

Inadequate doors, windows, halls/corridors, or
stairs

Vulnerable masonry construction

Lack of seismic design understanding by
engineers

Interior architectural and contents hazards

Windows reducing solid wall area in masonry
construction

Torsion
General vertical irregularities
Rodgers (2012), pp. 4-5

safer traditional construction forms and practices
abandoned, standard building plans with seismic
deficiencies, heavy roofs), location (sites suscep-
tible to ground failure, sites that amplify ground
motions), construction practices (poor quality,
unskilled or low-skilled local labor, reducing
quality to save money or time), materials (poor-
quality engineered materials, weak local mate-
rials), lack of construction inspection, lack of
maintenance, subsequent modifications, falling
hazards, and inadequate exit pathways (Rodgers
2012).

Underlying drivers create an environment
conducive to the vulnerability-creating character-
istics cited above. Published literature identifies
the following: unregulated community-based
construction, scarcity of resources, inadequate
building codes or zoning, lack of code enforce-
ment, corruption of enforcement mechanisms,
unskilled or unaware building professionals,
lack of accountability, lack of awareness, failure
to prioritize school safety, and urgent need for
large numbers of new schools (Rodgers 2012).

assessments

Cited in 15-24 %
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Overview of Global Experiences in
Seismic-Resistant School Construction

Some of the major policy and programmatic
endeavors to assure seismic resilient construction
of schools, worldwide, as of 2013, have involved
important steps such as providing risk maps for
safe school site selection, construction guide-
lines, standards, and oversight and commitments
to safe school construction in the context of both
post-disaster reconstruction and new school con-
struction to meet Millennium Development
Goals.

The provision of risk maps for safe school
site selection requires both national and
subnational coordination and often several differ-
ent agencies reporting on the full spectrum of
geophysical and hydrometeorological risks and
taking into account nuclear, biological, and
chemical hazards. In Peru, a pool of trained con-
sultants based in universities around the country
are now available to advise Regional Education
Offices on safe school site selection. They draw
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from existing risk maps for 115 towns (UNISDR
2008).

In the area of construction guidance and
standards, California’s Field Act in 1933 stands
as the starting point of the movement. The Act
requited 15 % higher performance standards for
new school construction and introduced stringent
supervision. Legacy school construction was
raised as a policy issue as early as 1938
(Garrison Act) but was not enforced until 1968.
The oversight system involves structural plans
prepared by engineers and approved by the Divi-
sion of the State Architect. There is recurring
on-site inspection and a final verification process.

The more common approach is the develop-
ment of technical guidance for planning, design,
construction, and local ongoing maintenance.
There are numerous variations on this theme.
For example, in the Philippines, in 2007, the
Department of Education adopted the Principal-
Led School Building Program approach where
principals or school heads take charge of the
implementation of management of the repair
and/or construction. Assessment, design, and
inspection functions are provided by Department
of Education engineers who assist the principal
during the procurement process. The Parent,
Teacher, and Community Association and other
community stakeholders are responsible for
auditing procurements (INEE 2010). Interest-
ingly, in Panama, it was the development and
implementation of the maintenance guidance
tool that paved the way for new school construc-
tion standards (UNISDR 2012).

There have been several examples of post-
disaster commitment to “building back better,”
emerging from a general consensus following the
2005 Indian Ocean earthquake and tsunami, on
the need use humanitarian assistance and recon-
struction financing more responsibly. However,
in the area of school seismic safety, these good
intentions have only translated vaguely to mea-
surable improvements in safe school construc-
tion. In Pakistan, 4 years after a devastating
earthquake there, the National Education Policy
2009 section 5.5 addressed Education in Emer-
gencies with several policy actions including
requirements for school construction according
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to international standards (UNISDR 2012).
Following the devastating 2010 earthquake in
Haiti, many donors stated that the schools that
they are supporting seismic, hurricane, and flood-
resilient school reconstruction, though there is no
program that monitors progress in this regard.

In Indonesia in 2009, the Center for Disaster
Mitigation, Institute of Technology Bandung
(CDM - ITB), and Save the Children Interna-
tional published a handbook of typical school
design and a manual on retrofitting of existing
vulnerable school buildings for the Aceh and
West Sumatra Earthquake Response programs.
The guidelines take into account lessons learned
in safe school construction, weaknesses in over-
sight of local government construction, and the
need to incorporate design of dual-purpose multi-
hazard shelters. In 2014 they were considered
ready for an update.

In the Philippines, following devastating
typhoons in 2006, 99 disaster-resilient schools
and 26 day-care centers were constructed with
the support of the Department of Education engi-
neers, school principals, and community mem-
bers. The new buildings, with water and
sanitation facilities, can also serve as evacuation
centers with flexibility to accommodate large
numbers of people for emergency shelter
(Global Education Cluster 2011).

Following the 1999 Kocaeli earthquake,
820 of 1,651 schools that were 60 km away in
Istanbul, were found to have sustained some
damage. Thirty-five schools were replaced,
59 schools were strengthened, and 59 were
repaired (COGSS 2008).

Clear warrants and commitments from donors
IGOs or INGOs when it comes to safe school
construction are still clearly much needed.

There have also been too few and/or too quiet
commitments to safe school construction in the
context of the Millennium Development Goals,
in spite of the fact that the Global Partnership for
Education states as its first strategic goal the
provision of a quality basic education in a safe
environment. The most important and notable has
been in Uttar Pradesh, India, where 23.5 million
children attend school in this moderate to severe
seismic risk zone; 21,000 new school buildings
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(30/day) were to be built in a 2-year period.
In 2006-2007 the Elementary Education Depart-
ment proposed to integrate earthquake-resilient
design into all new school buildings. One primary
school, two upper primary, and three additional
classroom designs were prepared with detailed
construction manuals. Disaster-resilient mea-
sures added 8 % to the construction costs.
To cope with massive scale of the project, a
cascading approach prepared 4 master trainers
for each of 70 districts. These individuals trained
1,100 Junior Engineers and Education Officers.
Ten thousand masons were also trained. In Uttar
Pradesh every new school is now a safe school
(UNISDR 2008).

Overview of Global Experiences in
School Seismic Retrofit

In Sichuan, China, Prior to the 2008 Sichuan
earthquake, school principal Ye Zhiping pestered
local authorities until they consented to retrofit
the buildings of Sangzao Middle School to
improve their safety. He also initiated regular
evacuation drills. The result of his efforts was
that during the devastating earthquake, this
school provided life safety for all of its students
and staff.

The United Nations Center for Regional
Development in Kobe began promoting school
earthquake safety initiatives in 1999, in the pro-
cess of resilience-building following the
Hanshin-Awaji earthquake. A multi-country
school seismic retrofit initiative (2005-2008)
sought to make schools safer through self-help,
cooperation, and education. The project engaged
local communities, governments, and resource
institutions in demonstration vulnerability
assessments and school retrofit projects in four
to six schools each, in Fiji, India, Indonesia, and
Uzbekistan. In 2006, the state of Uttar Pradesh, in
India, undertook large-scale disaster-resilient
construction of new schools (Bhatia 2008).
GeoHazards International also conducted small-
scale screening and retrofit demonstration pro-
jects in vulnerable schools in Delhi, India
(Rodgers 2012), and helped Bhutan’s Ministry
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of Education develop the process and tools for a
nationwide school vulnerability assessment pro-
gram, which is currently underway.

More than a dozen countries have developed
approaches, conducted significant vulnerability
assessments, and/or made commitments made to
school retrofit since 2000. Several of these were
inspired by unacceptable levels of damage expe-
rienced in recent large earthquakes. Many are
instructive or inspiring, in terms of their scope,
methods, and limitations. Looking at these
regionally allows an overview of both limited
scope and adequacy.

Middle East and North Africa: In Algeria,
vulnerability assessment was done on 526 build-
ings in 190 schools across 9 municipalities in
Algiers, using simple survey forms (Rodgers
2012). In Syria, UNDP is supporting earthquake
school safety program incorporated into 5-year
plan and institutions for disaster risk reduction
are being consolidated (UNISDR 2012). The
Arab League is currently considering a regional
approach to disaster risk reduction, which will
hopefully include a comprehensive approach to
school safety.

North America: In British Columbia, Can-
ada, Vancouver school buildings were surveyed
in 1990 (Rodgers 2012). Responding to advocacy
efforts of the local “Families for School Seismic
Safety,” in 2004, the provincial government com-
mitted $1.5 billion Canadian to ensure that BC
Schools meet acceptable seismic life safety stan-
dards by 2019.

In the USA, there has been detailed assessment
of 26 school buildings in Kodiak, Alaska, with
recommendation for retrofit of four. In California,
a desk assessment of 9.659 pre-1978 school build-
ings found 7,537 potentially vulnerable buildings.
Twenty thousand uncertified projects have been
mapped (California Watch 2011). The state of
Oregon conducted collapse risk assessment of
2,185 K-12 school buildings using FEMA
154 rapid visual screening (RVS) and produced
structural engineering reports for more than
300 buildings. South Carolina has completed a
prioritization exercise on all public schools; six
have been retrofitted. In Tennessee 49 buildings
in 202 schools have been screened using ATC-21
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plus local methods, and in Utah, RVS was used on
a sample of 128 of 1,085 schools in the state
(Rodgers 2012).

Latin America and the Caribbean: The
Organization of American States began a com-
mitment to school safety in 1992. A coordinated
regional action plan was developed to benefit
Costa Rica, El Salvador, Guatemala, Honduras,
Nicaragua, and Panama. Development assistance
donors and local organizations contributed to
strategies and capacity to carry out retrofitting
of educational facilities. School infrastructure
experts from each country received training.

In Bogotd, Colombia, in 1997, seismic
microzonation studies paved the way for
seismic-resistant building codes in 1998. In
2000 the Directorate of Prevention and Attention
of Emergencies in Bogotd found 434 of
710 schools vulnerable to earthquake damage,
3 in flood areas, and 20 in landslide-prone areas.
Two hundred and one were prioritized for retrofit
or replacement. Between 2004 and 2008, an
investment of $460 m USD in school replace-
ment, retrofit, and risk management promotion
provided structural reinforcement of 172 schools,
“nonstructural” risk reduction in 326 schools, and
the construction of 50 new mega-schools, com-
pliant with earthquake-resistance requirements.
Three hundred thousand children are safer as a
result (see entry “» School Seismic Safety: Case
Studies” for case study of Colombia). In Ecuador,
initial screening of 340 high-occupancy school
buildings, and modified RVS of 60 most vulner-
able, detailed analysis for 20, and retrofit designs
for 15 have taken place (Rodgers 2012). In Lima,
Peru, 28 schools in Barranco and 80 schools in
Chorrillos were evaluated using ATC 21 RVS
and EMS_98 estimation of damage potential
(Rodgers 2012). A retrofit solution was devel-
oped to mitigate potentially devastating struc-
tural defect of “short columns.” And in
Venezuela, 50-year-old schools were identified
as needing retrofitting in moderate and above
seismic zones, whereas 20-30 year-old “box”
schools only require retrofit in higher-risk
zones. Practical retrofitting techniques were
developed. As of 2007, 28,000 schools were
being surveyed in a national program. Twelve
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schools were selected for pilot retrofits (Rodgers
2012).

Europe and Central Asia: In Europe, discus-
sion has been robust in Italy and Portugal, inno-
vations have been led by UNICEF and partners in
Central Asia, and World Bank financing has
supported Turkey to make significant progress
in seismic safety (see entry “» School Seismic
Safety: Case Studies” for case study on Turkey).

In Yerevan, Armenia, full assessments have
been conducted by teams of dozens of people,
mobilized from as many as seven different gov-
ernment agencies, over several days. Every year
40 of Yerevan’s 200 schools are slated for special
maintenance, upgrading, and retrofitting. It has
been noted that a 2-person expert team spending
2 h per conducting a rapid assessment would
require 6 FTE years to assess Armenia’s 1,500
schools. In Kyrgyzstan, a national school safety
assessment of over 3,000 learning facilities with
support from USAID found that more than 80 %
were vulnerable to earthquake damage. Public
access to this information is made possible
through an online portal (UNICEF 2011).

In Uzbekistan 1,000 school buildings were
assessed, revealing that 51 % require demolition
and replacement, 26 % require capital repair and
reinforcement, and 27 % are life safe and require
no intervention (Khakimov et al. 2007). Eleven
design institutes participated in building code
revision for school building construction. Typical
designs were created for new schools of different
sizes. A database of typical construction and
technical decisions seismic reinforcement were
developed. UNCRD provided financial and tech-
nical support for demonstration projects on
reinforced concrete frame, masonry, and frame
panel buildings. The incremental cost of seismic
reinforcement was shown to be between 3 % and
14 % depending on intensity zone, type of con-
struction, number of floors, capacity, and ground
conditions (Khakimov et al. 2007).

In Italy, a substantial contribution comes in
the form of an overall risk management frame-
work developed for retrofit prioritization (Grant
et al. 2007). Some schools have now been
assessed in Emilia-Romagna (Rodgers 2012).
Portugal has demonstrated an important
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innovation by incorporating school vulnerability
assessment and retrofit into its ongoing modern-
ization program. At least 330 public school build-
ings have been assessed and retrofits designed
(Rodgers 2012; UNISDR 2012).

The Istanbul Seismic Risk Mitigation and
Emergency Preparedness Project (ISMEP) (with
loans from World Bank and EIB) allowed for
retrofitting of 250 schools and reconstruction of
36 schools in 2007-2008 with 600 more under-
going assessment and feasibility studies. In 2009
the remaining 450 schools were slated for
retrofitting.

South Asia: Bhutan has begun a nationwide
vulnerability assessment of school buildings. The
first phase, covering 5 of Bhutan’s 20 districts,
began in 2013, with funding from UNICEF.

In India there are several examples of large-
scale seismic vulnerability assessments: In Guja-
rat a modified RVS was conducted for
153 schools following the 2001 earthquake
(Rodgers 2012). In Shimla, SEEDS India took a
stepwise approach: Step one was low-cost mass
scale RVS of school buildings. From these, a
smaller number were selected for simplified vul-
nerability assessment using limited engineering
analysis. The highest-risk buildings were identi-
fied for detailed vulnerability analysis (SEEDS
2006). Retrofitting designs were drawn up for
20 schools and implementation carried out in
ten schools. Guidelines were developed for retro-
fit and training of local masons and engineers and
delivery of skill training. “Nonstructural mitiga-
tion plans” were carried out in 20 schools. An
awareness campaign reached out to all
750 schools, including nearly 100,000 students,
7,500 teachers and local builders, engineers, and
officials (SEEDS 2006). The Government of
India’s National School Safety Program plans to
seismically retrofit more than 40 schools through-
out the country as demonstration projects. The
National Center for Peoples’ Action in Disaster
Preparedness (NCPDP), GeoHazards Interna-
tional, and others also carried out school assess-
ment and retrofit programs.
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Nepal has also made some strides in both
vulnerability assessment and retrofit planning.
There are an estimated six million children and
140,000 teachers at risk of death and injury in
schools. In the Kathmandu Valley, 643 schools
(1,100 buildings) have been inventoried and
378 (695 buildings) surveyed for vulnerability.
Seventy-five percent are expected to be damaged
beyond repair, in a scenario earthquake. A school
day earthquake would kill 29,000 children and
teachers and injure 43,000 (Dixit et al. 2013). The
MoE has planned to retrofit 900 schools in the
Kathmandu Valley over 5 years (Dixit
et al. 2012). In Lamjung and Nawalparasi, vul-
nerability screening has covered 745 and
636 buildings, respectively, some with detailed
assessments (Rodgers 2012).

In Pakistan, in 2008, the Aga Khan Planning
and Building Services, Habitat Risk Management
Program in Northern Pakistan, used retrofitting of
four schools to demonstrate structural and
nonstructural seismic retrofitting, to train
builders and to train female village youth in map-
ping, land-use planning, and disaster manage-
ment (INEE 2010).

Southeast Asia: There has been relatively
sparse activity when it comes to seismic safety
of schools in Southeast Asia. It may be that the
frequency of cyclones and flooding and even the
threat of tsunami precede thoughts of earthquake
risks. It may also be that the rapid pace of devel-
opment and the increasing numbers of new chil-
dren being brought into school have led to natural
prioritization of safe new construction rather than
retrofit. In the Philippines, local authorities are
responsible for school construction. However,
assessment, design, and inspection functions are
provided by Department of Education engineers
who assist the principal during the procurement
process. The Parent, Teacher, and Community
Association and other community stakeholders
are responsible for auditing procurements.
Earthquake, typhoon, flood, and even volcanic
ashfall resilience must often be factored in
(INEE 2010).
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East Asia: School seismic safety has been on
the agenda in Japan for many years, but it is only
since 2005 that 125,000 public school buildings
nationwide have been assessed by the Ministry of
Education (MEXT) (Rodgers 2012). Sixty-two
percent of these were constructed before 1981,
when the current anti-seismic code enforcement
began. About 25 % of schools are considered
safe, but 48,000 older school buildings were
found needing assessment or retrofitting. 10,000
of these were found to be at high risk of collapse
in expected earthquakes. The Ministry of Educa-
tion raised subsidies for vulnerable school build-
ings from 50 % to 67 % in 2008 when 229 billion
JPY was allocated to meet the new goal of
retrofitting of all highest-risk school buildings
within 4 years.

Oceania: School seismic safety is also on the
agenda in New Zealand, where a walk through
survey of 21,000 buildings at 2,361 public
schools in 1998 triggered a follow-up investiga-
tion in 2000 (Rodgers 2012). A World Bank
GFDRR project demonstrated school retrofit in
six schools in two districts (2008—2009).

Summary

In the course of the past decade, an approach to
all hazards and all aspects of school safety has
emerged in both the literature and practice of
global advocacy. The Global Alliance for Disas-
ter Risk Reduction and Resilience in the Educa-
tion Sector (led by UNESCO, UNICEF,
UNISDR, IFRC, INEE, Save the Children, Plan
International, World Vision) use the shared Com-
prehensive School Safety framework. The frame-
work takes a multi-hazard approach and
addresses the many different factors needed to
address safe school facilities, school disaster
management, and disaster reduction education.
While seismic vulnerability (and related second-
ary hazards) to school buildings are naturally of
concern to earthquake engineers and many
others, it is important to fit this into an
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all-hazard and comprehensive approach so that
the solutions to seismic safety do not ignore
coexisting vulnerabilities to cyclones, floods,
and volcanic eruption nor conflated with the
broader approach that also addresses disaster
management and education (Global Alliance for
DRRR in the Education Sector 2014).

Overall, the threat of earthquake damage to
school buildings has not been sufficiently well
appreciated. School safety issues have not fea-
tured in the major global campaign for increased
school attendance (“Education for All” and the
Millennium Development Goals). The full extent
of the risk to school buildings and to students
remains to be fully defined.

A global effort at mapping schools (by density
of occupancy and quality of construction) in rela-
tion to seismic and other hazards has been pro-
posed by the World Bank Global Facility for
Disaster Risk Reduction and Recovery, to begin
in 2014. The full impacts of earthquakes on the
education sector cannot end with calculating the
value of structural and nonstructural damage. The
impacts on children’s education are almost
entirely unmeasured. Research is needed to
understand how educational outcomes such as
enrollment, attendance, and achievement are
impacted by earthquakes.

There are strong arguments that support giv-
ing school seismic safety increased priority and
a higher profile. An initial step in raising the
visibility of this issue was the adoption of
school safety as one of the focal points for
advocacy in preparation for the Hyogo Frame-
work for Action 2005-2015 adopted at the
World Conference on Disaster Reduction held
in Kobe, Japan, in January 2005. The develop-
ment of the Comprehensive School Safety
framework in 2013 has begun to articulate
how school facilities safety can be understood
within the wider context that includes school
disaster management as well as risk reduction
and resilience education. As a post-2015
agenda for both development and disaster risk
reduction are currently under consideration, it
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continues to be extremely important to raise
the profile of school safety. In preparation for
this, child-centered organizations have formed
a Global Alliance for Disaster Risk Reduction
and Resilience in the Education Sector.

Based in part on the case studies (see entry
“p School Seismic Safety: Case Studies”),
it seems evident that low-cost, accessible tech-
nology and design exists with which to build
new schools and to retrofit existing ones.
A community-based approach holds great prom-
ise involving many stakeholders, including local
buildings, masons, contractors, etc. Promising
demonstration and large-scale projects in Nepal,
India, Turkey (see entry “» School Seismic
Safety: Case Studies”), Central Asia, and the
Caribbean islands all provide strong experience
to build upon for case studies.

Case studies also make clear that child rights
advocates, parents, and seismic safety experts
together, lobbying for school seismic safety, can
be extremely effective in achieving policy
change, as case studies of British Columbia and
Bogota (see entry “» School Seismic Safety:
Case Studies”) show.

School seismic safety has been the subject of
both research and policy since the 1933 Long
Beach earthquake that spurred California’s land-
mark Field Act, requiring that school construc-
tion meet seismic safety standards. As both
seismic risk assessment and building codes have
progressed, so too have expectations for selection
of performance standards. However, globally, the
application of these standards and codes falls
short in several major respects: community-built
schools are frequently constructed using high-
tech materials intended for engineered construc-
tion, without the corresponding understanding,
training, or supervision; where building codes
exist they are not known, understood, or consis-
tently applied; and safe site selection is fre-
quently skipped, and site-specific hazards are
not factored in. Privately built schools are often
exempt from the same standards of construction
as public schools. The need for programs and
people that bridge the available engineering
knowledge with scalable on-the-ground national
programs is significant.
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In 2009, Guidance notes on safer school con-
struction (INEE 2010) was published to synthe-
size and kick-start systematic guidance. An
important global resource for documents to
guide safe school construction was initiated by
UNESCO IPRED, immediately after the Haiti
earthquake (UNESCO IPRED 2010). This
resource database endeavors to compile both
building codes and the now numerous documents
produced by NGOs or at the national level with
standard designs for safe school construction, and
in some cases with construction guidance.

The past decade has seen several relevant sci-
entific papers suggesting methods for vulnerabil-
ity screening (e.g., in Italy, Grant et al. 2007), and
detailing approaches to seismic retrofit. The chal-
lenge is whether or not the guidance and the
science are put into practice. The written record
does not suggest that these approaches are yet
systematic, are supported with training, are mon-
itored, or are applied to both public and private
schools. Community-built and un-engineered
construction has been addressed in far fewer pub-
lications and has not specifically addressed
school construction.

There have been a small number of significant
programmatic efforts to support seismic safety.
UNICEF s regional office for Central and Eastern
Europe and the Commonwealth of Independent
States, with support from the World Bank and
DIPECHO, has partnered with national govern-
ments in Central Asia and the South Caucasus to
address school safety. Part of that work has
included developing a broad regional framework
for assessing and ranking school facilities based
upon exposure and vulnerability to earthquakes
and other natural hazards. Drawing upon INEE’s
Guidance notes on safer school construction,
UNICEEF elaborated a list of 17 simple indicators
that local experts could use as part of a rapid
visual assessment of school facilities in order to
identify schools at risk of heavy damage in seis-
mic events.

In 2012, engineers in Kyrgyzstan localized
this framework and carried out a national school
safety assessment of over 3,000 learning facilities
with USAID funding. They reported to the
national government that over 80 % of learning
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facilities were vulnerable to damage in seismic
events and provided public access to the assessment
through an online portal. Similar national assess-
ment strategies are being piloted in Kazakhstan,
Tajikistan, Armenia, and Azerbaijan.

Similarly, UNCRD (UN Centre for Regional
Development) showcased community-based
comprehensive school earthquake safety in
selected countries of Asia Pacific. Under the pro-
gram “Reducing Vulnerability of School Chil-
dren to Earthquakes,” school communities
carried out seismic retrofitting of their school
buildings with expert guidance from Bandung
Institute of Technology (ITB) in Indonesia. The
retrofitting works in public schools were used for
community awareness on earthquake safety
through community visits in the school premises
during construction time. Pilot school assessment
and retrofitting in Fiji led to the National Disaster
Management Office (NDMO) adopting school
safety program under regular government that
also developed seismic retrofit guidelines and
mason’s training manual. Tashkent city govern-
ment (Hokimiyat) in Uzbekistan appraised neigh-
borhood associations on schools retrofitting
programs and used school constructions for train-
ing of engineers on seismic safety.

The United Nations International Strategy for
Disaster Reduction (UNISDR) launched the
2006-2007 biennial awareness campaign “Disas-
ter Reduction Begins in Schools.” This was
followed up in 2010 with the Resilient Cities
Global Campaign for One Million Safe Schools
and Hospitals Campaign. The 10-point checklist
that 1,643 Mayors have signed on for, includes
assessing and upgrading the safety of schools.
These successes deserve praise but should not
induce complacency. There is a long way to go
with respect to school seismic safety.

Initial programs and guidance for safe school
facilities have been provided by OECD (2004),
UNCRD (2008), INEE/World Bank GFDRR/
UNISDR (2010), and several other programs,
with modest support of donors and lenders.
These approaches experiences are now ripe
for implementation at scale. These include
regional hazard mapping and revision (where
necessary), the potential for crowd-sourced
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mapping of local hazards; enforcement of seis-
mic building codes by national, provincial, and
local governments; training of engineers and
significant capacity-building efforts to train
local masons and other builders; and invention
of more innovative models for funding rein-
forcement of schools.

It is important, however, not to fetishize the
safety of school buildings and to take care not to
separate the safety of the community of users
and educational continuity planning, which is
not limited to the buildings themselves. Neither
should the focus be solely on fatality preven-
tion. There is much similar work to be done to
prevent disability and injury especially by
securing the contents of the buildings and to
assure educational continuity. All-school, par-
ticipatory school disaster management plan-
ning, local risk assessment and risk reduction,
mastery of emergency response skills, and reg-
ular drills to practice and improve readiness are
important. A culture of safety is necessarily
multifaceted, and activism in one area encour-
ages changes in consciousness, expectations,
and demands.

The enthusiasm for making education acces-
sible to all does not absolve duty-bearers from
assuring that school is safe from infrequent but
high-impact hazards such as earthquake and var-
ious secondary hazards. It would be an ironic and
tragic result if the achievement of one Millen-
nium Goal (increased school attendance) is
marred by increased death and injury of young
people, thus setting back the achievement of

another  Millennium  Development  Goal
(reduction of child mortality).
Cross-References
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Introduction

The case studies in this entry accompany the pre-
vious entry on School Seismic Safety and
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Mitigation. They tell the stories of a variety of
national efforts to improve school seismic safety.
The contributors to the case studies are engineers
and parents, social workers, and international
development specialists. They examine policy,
advocacy, vulnerability, and solutions. They con-
tain observations about stepwise progress, motiva-
tion, political will, technical approaches,
innovations, moderate successes, and long roads
ahead. There are more stories to be added. The
intention is to provide school seismic safety advo-
cates with both elements of inspiration and way
points on a road map with many options to
consider.
The case studies and their contributors are:

Algeria — Djilali Benouar

Canada — Tracy Monk

China — Sanjaya Bhatia

Colombia — Omar Dario Cardona

India (Delhi, Shimla) — Manu Gupta

India (Uttar Pradesh) — Sanjaya Bhatia

Italy — David Alexander

Japan — Rajib Shaw

Nepal — Amod Mani Dixit, Jitendra Kumar
Botendra, Ram Chandra Kandel, and Bishnu
Pandey

Turkey — Marla Petal and Zeynep Tiirkmen
Sanduvag

USA (California) — Marla Petal and Rebekah
Green

It is important to note that school seismic
safety should not be isolated from school safety
from disasters and climate change impacts in
general. It cannot be considered responsible to
approach the rights of children from our narrow
professional silos. It is incumbent upon all advo-
cates for children to see the matter from their
point of view, that is, from the perspective of all
of the physical threats to their right to survival
and safety and from all of the threats to their right
to education and development.

Similarly, key stakeholders in the seismic
safety of schools (engineers, architects, builders)
must make the effort to think not primarily about
the structures, but rather about the people who
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use the structures. The users must also have safe
access and egress. For the users, infill walls that
fall out of plane and unsecured nonstructural
building elements or building contents are a far
greater threat than their “minor damage” desig-
nation suggests. If the building is going to be one
of the strongest structures in the community, then
it may also need to be planned to be as a cyclone
shelter or to double as a shelter for people
displaced after an earthquake. In that case,
water and supply storage and extra sanitation
facilities have to be considered. And the job is
not complete when the key is handed over. Build-
ings that do not come with a user’s manual and a
school maintenance calendar stand little chance
of being safely maintained. Thus, the concern for
school seismic safety does not begin and end with
the structures themselves, but must take a holistic
approach and, of course, include the user
community.

Algeria

Ninety percent of Algeria’s population of 30 mil-
lion is concentrated in a band about 60 km wide
and 1,200 km long along the Mediterranean coast
on the African and Eurasian tectonic plate bound-
ary. This region has repeatedly experienced
moderate-to-strong earthquakes. During the twen-
tieth century, earthquakes claimed at least 10,000
lives, injured about 27,000, and made about half a
million homeless. In addition to building collapse
due to earthquakes, considerable damage from
liquefaction and landslides was observed.

School buildings have also suffered consider-
able damage in earthquakes, varying according to
the period during which they were built: (1) those
degraded through aging and lack of maintenance,
built during the colonization era (1830-1962),
account for about 30 % of the school building
stock; (2) those built after independence, during
the 1970s, with rapidly growing population and
democratization of educational opportunity
(when primary school became free and compul-
sory), when school construction accounted for the
largest single item in Algeria’s budget, were
designed and built without taking into account
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seismic risk; and (3) those built with technical
supervision after 1983 and the introduction of
Algeria’s seismic building code in 1981.

Schools in Algeria are all state owned and
were built by the government. The government
adopted one typical structure for all schools that
could be duplicated easily across the country. The
standard architectural design of schools involves
two fundamental elements: the classroom and the
circulatory corridors. Classrooms are 7 x 4 m and
circulatory corridors are 2.5 m wide. These are
far from those of an ideal seismically resistant
structure as recommended by Algeria’s own seis-
mic codes. Other standard design elements also
unfortunately reduce the resilience of these
school structures.

Numerous reports show the deficiencies in
design, construction techniques, and materials
(poor quality of concrete) with respect to partic-
ular earthquakes at EI Asnam (1980), Chenoua-
Tipaza (1989), Beni Chougrane-Mascara (1994),
Ain Temouchent (1999), and Boumerdes-Algiers
(2003) (Bendimerad 2004). The following typical
damage to school buildings was recorded in
recent earthquakes:

» Rupture of staircases

» Destruction of joints

+ Destruction of short columns

+ Damage in Masonry

o “Pancake” collapse due to weak columns,
overly strong beams, and heavy roofs com-
posed of reinforced concrete slabs

Such damage causes enormous financial loss
to the government. For instance, after the
Boumerdes-Algiers earthquake disaster of 2003,
100 primary schools had to be rebuilt completely
for the sum of US$4.28 million and 253 rehabili-
tated for $10.65 million. In addition, 12 junior
high schools were completely rebuilt for the sum
of $10.28 million and 111 rehabilitated for
$20.85. Also, 10 high schools were rebuilt for
the sum of $21.42 million, and 58 were rehabili-
tated for $12 million.

So far these destructive earthquakes have
occurred after school hours or on weekends, and
thus, no loss of life or injuries have been recorded
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at schools in Algeria. This good luck may have
made the government and the civil society alike
less aware of the high vulnerability of the schools
and partially explains why there has so far been
no implementation of a Ministerial instruction
dating from 1989 that required application of
“technical expertise and the eventual reinforce-
ment of all public buildings and in particular
schools and universities.” Instead, the introduc-
tion of new materials such as reinforced concrete
in the absence of proper seismic-resistant design,
building codes, and enforceable regulations has
increased the risk to structures and their occupants.
Relatively minor reinforcements could reduce the
potential for damage to these structures.

Canada

British Columbia’s (BC) west coast is Canada’s
region of highest seismic hazard. Two-thirds of
the province’s 3.9 million people live within the
zone of highest risk. The region has experienced
ten moderate-to-large earthquakes since 1870.
In recent millennia, an earthquake on the order
of the largest magnitude experienced globally in
the last 100 years has struck approximately every
500 years. In addition to potential building col-
lapse induced by ground shaking, significant
damage from liquefaction, tsunami, and land-
slides are expected.

Older BC schools were built from some of the
most seismically vulnerable materials — in the
early 1900s, unreinforced masonry and then, in
the mid-1900s, non-ductile concrete frame. Thus,
in many communities, the school might be one of
the buildings at highest risk for earthquake dam-
age. A formal risk assessment of all BC school
buildings was initiated in June 2004 with the full
report due in October 2004. Initial estimates from
the provincial government suggest that 800 of
BC’s schools might need some form of seismic
upgrading.

In Vancouver, BC’s largest city with a core
population of about 560,000 and a metropolitan
population of about two million, a 1989 rapid
seismic risk assessment found that 30 % of the
city’s school buildings were at high risk of
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experiencing structural damage in an earthquake,
and 15 % were at moderate risk (Taylor 1989).
Between 1990 and 2004, 11 schools have been
upgraded, so if the current pace continues, this
work would be completed in 2064.

While the seismic hazard facing schools in
greater Vancouver is similar to that in Seattle,
Washington, school safety has not been a priority
on the Canadian side of the border. Indeed, dif-
ferences in seismic hazard mapping techniques
used by Canadian and US geoscientists may actu-
ally underestimate the risk to Vancouver schools.

The current National Building Code of Can-
ada ranks buildings according to their priority as
critical infrastructure. The higher the number
assigned, the higher the priority. Average houses
are assigned an Importance Factor of 1.0, schools
are designated 1.3, and hospitals, police stations,
and prisons are assigned 1.5. Schools — unless
they are designated as  post-disaster
shelters — get a lower priority than hospitals,
police stations, and prisons. Vancouver City
Council is funding the seismic upgrading of com-
munity centers so that they could be used as post-
disaster receiving centers. Due to the differences
in funding sources, some community centers are
being upgraded, while nearby schools, which
might be less seismically resistant, are
sometimes not.

In general in BC there is high awareness of
earthquake risk. For example, the City of Van-
couver has seismically upgraded its water supply
system and bridges, and the electric utility, BC
Hydro, is systematically upgrading its buildings
and infrastructure, including dams. Even some
provincially run liquor outlets have been seismi-
cally upgraded. With seismic safety so clearly on
the policy agenda in many sectors in British
Columbia, why have public schools received so
little attention?

The answer is that in BC funding for public
school seismic upgrades has been part of the
capital budget of the provincial Ministry of Edu-
cation. Local school boards oversee this work and
must proactively request provincial funding for
projects that they deem to be high priority. Advo-
cacy work by one of the authors on behalf of
Families for School Seismic Safety British
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Columbia (FSSS) identified and tackled concerns
with this funding system.

First, there was no district-to-district standard-
ization of approach. Each local school district
was individually approaching the issue of seismic
safety for only their schools. FSSS pressed
the government to unify the approach taken by
centralizing expertise. The earthquake engineer-
ing community, through its professional associa-
tion, the Association of Professional Engineers
and Geoscientists of BC, is now advising the
government on standardized, peer-reviewed
methods for assessing and addressing seismic
risk to schools.

Second, local authorities were concerned that
informing parents of the seismic risks to local
schools could cause panic and could be politi-
cally damaging. FSSS’s and others’ work has
ensured that Vancouver parents are now well
informed about the issue and are actively
involved in trying to solve it. This process did
not cause panic. Instead, bringing parents into the
consortium has yielded an active and effective
lobbying group.

Finally, there is the problem of setting priori-
ties. The primary concern of school
boards — quite rightly — is the day-to-day educa-
tion of children. Seismic safety of a school build-
ing does not lead to improved education, so
school boards have sometimes had difficulty
making the issue a high priority. FSSS is trying
to help public officials see school seismic safety
as an infrastructure, public health, and human
rights issue and to obtain new funding from out-
side of the Ministry of Education, that is, from
provincial and national, authorize with mandates
in those areas. The aim is that this work be seen as
an infrastructure project for children and not per-
ceived as competing for funding with their
day-to-day educational needs.

Ultimately, the two basic human rights of
children, to an education and to physical safety,
should not be competing for the same funds. The
expert community is now driving the initiative
and the government appears to be listening. Many
positive steps have been taken in BC, but there is
much work left to be done.
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China

Following the 2008 Sichuan earthquake in which
at least 15,000 children lost their lives in schools,
the Ministry of Education and the Ministry of
Construction and National Development and
Reform Commission (NDRC) jointly released
the Design Instructions for School Planning and
Construction after the Sichuan earthquake. These
standards require that school sites are assessed
before the schools are built in accordance with
national regulation, performance objectives are
determined by the country-level government,
schools are built or retrofitted to meet perfor-
mance objectives, and schools’ furnishings and
equipment are designed and installed to minimize
potential harm they might cause to school occu-
pants. The quality-monitoring bureau leads mon-
itoring on the safety of equipment installation.

In Sichuan in the spirit of “building back bet-
ter,” the investigation, design, construction,
supervision, inspection, and acceptance of school
construction are conducted in line with relevant
national construction standards. In Sichuan, steps
were also taken to make sure that there are mech-
anisms to ensure that schools’ maintenance is
financed and executed. From 2000 to 2005 the
first and second session of school renovation and
maintenance was conducted. After 2006 a long-
term mechanism for school building maintenance
was put into place. MOE and UNICEF collabo-
rated and prepared and revised the National
Guidelines for Safe School Construction and
Management and also collaborated to develop
construction standards for kindergartens and
preschools.

In 2009 the Ministry of Education (MoE) ini-
tiated a 3-year national “School Construction
Safety Programme” to upgrade the safety of pri-
mary and middle school buildings all over the
country with the aim of making schools the safest
places in China. The program has several key
elements:

» To screen and assess the quality of all school
buildings across the country, to understand the
qualities of buildings resistant to local disaster
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risks, and to input the data and information of
the assessment into a database

* To understand disaster risks in the regions
where the schools are located, such as deter-
mining whether local disaster risks come from
floods, landslides, earthquakes, or rainstorms
threatening the safety of the school buildings

» To determine whether to repair, strengthen, or
reconstruct school buildings that have not
reached official standards based on the inten-
sity of the identified disaster risks in the region
where the schools are located

e To allocate funds and to start the construction
work to upgrade the primary and middle
school buildings that are at risk (International
Recovery Platform 2010)

Colombia

The capital city of Colombia, Bogota, is the most
important political, administrative, economic,
and cultural center of the country and has one
million school children. Bogotd’s population was
estimated to be around 7.6 million in 2013. As a
result of social investment over the past decade,
more than 12 % live below the poverty line.
Among the most common hazard events
affecting Bogot4 are earthquakes and landslides.
Although there has not been a severe earthquake
in Bogotd since 1917, there is certainly the poten-
tial for one. Also, elsewhere in Colombia, 74 % of
the schools in the cities of Pereira and Armenia
suffered damage in the 1999 earthquake. Fortu-
nately this occurred during the lunch hour, when
no children were in the school buildings.
Several risk identification methods were put in
place in the city prior to 2004. These include
compilation of records of hazard events, genera-
tion of hazard maps, studies of physical and
social vulnerability, and studies of environmental
degradation. One of the means of reducing risk
from earthquakes and landslides in Bogota is the
assessment of seismic risk of bridges, hospitals,
and schools. This has become a core part of the
city’s economic and social development plan.
Of these assessment programs, the best-known
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is the Department of Education’s effort to iden-
tify school seismic risk and to reinforce schools.

Much of the educational infrastructure in
Bogota is more than 50 years old and does not
meet minimal standards of safety. The Depart-
ment of Education commissioned a systematic
review of schools that ran from 1997 to 2003
(Secretaria de Educacién del Distrito Capital de
Santafé de Bogota 2000). This study covered
approximately 2,800 buildings at 706 schools
serving roughly 54 % of the student population
in Bogota. The other 46 % of the student popula-
tion attends private schools and was not covered
in this review. The review found that 434 of the
schools presented high risk to students. Some
772 buildings at these schools fell into this cate-
gory (16 %). The study also found that 60 schools
had buildings in immediate and urgent need of
reinforcement.

During the next city administration, from 2004
to 2008, after a detailed technical explanation on
the need of schools’ retrofitting, the city mayor
decided to implement a retrofitting program of
the 200 most vulnerable schools. A special risk
analysis was performed on each building that was
identified and prioritized. From this analysis, the
structural reinforcement requirements were
defined according to the seismic building code
updated in 1998, with new special provisions for
schools. The comprehensive improvement pro-
gram had to be adjusted. Taking into account
other technical, urban, economic, and environ-
mental issues, many schools were not retrofitted:
67 schools were demolished and full restitution
was made for a total of 107 new schools. This
additional program was called the “50 Macro-
schools plan” whose goal was to provide an edu-
cational infrastructure of maximum specifica-
tions and supplement the retrofitting and
integrated improvement program. At the end,
due to the costs involved in reducing vulnerabil-
ity for 434 vulnerable schools, 201 schools were
considered in critical condition according to risk
studies that were conducted to prioritize and rank
the schools. The reinforcement of these buildings
had a cost about US$ 200 million and the total
program including the new schools was about
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USS$ 430 million. Additionally, this program was
based on the implementation of a teaching strat-
egy to incorporate risk management into the cul-
ture. Both structural and nonstructural objectives
were implemented to obtain a comfortable and
safe school environment and a high-quality edu-
cation service.

Assessing and reducing the risk to schools in
Bogota took place in a more general planning and
management context. For example, zones of high
risk of landslide, where no mitigation works are
possible, are declared to be protected land.
Human occupation is restricted in these areas as
well as those considered at high risk to floods. In
2003 it was estimated that some 185,000 people
lived in informal settlements in a total of 34,230
informal housing units. In Bogotd there are
173 illegal settlements that account for 14 % of
the total land area. The city administration has
developed a massive legalization program since
1995, thus reducing the number of informal set-
tlements from 1,451 to its current number, an
eightfold reduction in less than 10 years.

Nevertheless, as much as 60 % of the popula-
tion of the city lives in informally constructed
dwellings. While most of these are located in
legal settlements, they still represent a challenge
to seismic safety. The year 2000 land-use master
plan for Bogota contains hazard and risk maps
that determined land use, details of special treat-
ment for high-risk areas, and arrangements for
issuance of building permits, as well as protection
plans for utilities and services. The city also relies
on community-based networks to control illegal
land occupation and has developed a large-scale
relocation program for families living in high-
risk conditions.

The city of Bogota has disaster risk reduction
at the center of its planning process, and in this
context school seismic safety ranks very high.
Having diagnosed the scale and urgency of the
problem in Bogotd, steps were being taken to
reinforce the most hazardous school buildings.
The challenges the city still faces include com-
pleting the program, making the retrofitting of the
second priority group of vulnerable schools,
extending its school safety program to private
schools that cover nearly half the school-aged
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population, and accelerating the rate of school
reinforcement to improve the safety of children
and teachers. Bogota has had different gover-
nance problems during the last two administra-
tion periods. Unfortunately, two mayors have
been removed or suspended by the national gen-
eral attorney due to corruption and inefficiency.
Due to these situations and perhaps changing
priorities in risk management, the school safety
retrofitting program was not continued.

India: Delhi

NGO partners SEEDS and GeoHazards Interna-
tional (GHI), working with the Government of
Delhi, demonstrated earthquake nonstructural
risk reduction in a public school. The school
welfare committee comprised of faculty, staff,
and local community members learned to iden-
tify the nonstructural building elements and
building contents that could fall, slide, or collide
during a likely Delhi earthquake, as well as fire
and evacuation hazards. They were exposed to
simple low-cost techniques for reducing these
risks (moving some items, fastening others) and
came up with innovative solutions of their own.
The logic of regular fire and earthquake drills
became readily apparent to these new stake-
holders. A handbook for schools on nonstructural
risk reduction developed by the NGO partners
and published by the Government of Delhi pro-
vides a new resource for generalizing these
lessons.

India: Shimla

A small-scale demonstration project for school
retrofit was carried out by SEEDS of India and
GeoHazards International. Structural assessment
of school buildings was carried out using a filter-
ing method: The first step was low-cost mass
scale Rapid Visual Assessment Survey of school
buildings for potential seismic hazards. Based on
these surveys a smaller number were selected for
Simplified Vulnerability Assessment using lim-
ited engineering analysis. The highest-risk
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buildings were identified for detailed vulnerabil-
ity analysis. Retrofitting designs were drawn up
for 20 schools and implementation of retrofit
carried out in 8 schools. Guidelines were devel-
oped for retrofit and training of local masons and
engineers and delivery of skill training.
“Nonstructural mitigation plans” were carried
out in 20 schools. An awareness campaign was
designed to reach all 750 schools in the region
including nearly 100,000 students, 7,500
teachers, and local builders, engineers, and offi-
cials (SEEDS 2006).

India: Uttar Pradesh

There are 23.5 million children attending school
in this moderate-to-severe seismic risk zone. As
part of the Education for All campaign, the State
Government of Uttar Pradesh constructed 82,000
additional elementary school classrooms and
7,000 buildings in 2006-2007. To ensure seismic
resilience of the buildings, UNDP provided earth-
quake engineers who examined the blueprints for
the schools and modified the design to integrate
seismic resilience. The marginal cost increase of
8 % to assure seismic safety was funded by the
government.

For effective implementation of the new mod-
ified designs, training and orientation programs
were initiated by the government, supported by
the local UNDP office, building the capacity of
40 architects, over 200 engineers, and over
10,000 masons. To ensure transparent monitor-
ing, the designs were widely circulated to the
local communities where the schools were
constructed, so they could monitor the quality,
along with support of departmental engineers.
To complete the safety of the schools, school-
level safety committees were established, school
emergency plans developed, and mock drills
became a part of the school program.

In 2006-2007 the Elementary Education
Department proposed to integrate earthquake-
resilient design into all new school buildings.
To prepare for this, one design of primary school
buildings and two upper primary and three addi-
tional classroom designs were prepared with
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detailed construction manuals. The disaster-
resilient measures added 8 % to the construction
costs. To cope with the massive scale of the
project, a cascading approach prepared 4 master
trainers for each of the 70 districts. These indi-
viduals in turn conducted trainings for 1,100 fel-
low Junior Engineers and Education Officers.
Ten thousand masons were also trained. This
program ensures that every new school will be a
safe school. The problem of preexisting stock of
125,000 unsafe school buildings in need of retro-
fit remains to be tackled (Bhatia 2008).

Italy

Of the 8,102 municipalities in Italy, all are
regarded as “seismically active.” Up until 2003,
2,965 of them (representing 40 % of the land
surface and 45 % of the population) were consid-
ered “highly seismic” category. As a result, new
construction in this category must observe strin-
gent anti-seismic building codes. Subsequently, a
more sophisticated classification was introduced,
based on a 50-year recurrence interval and local
estimates of peak ground acceleration (PGA).
This had the effect of increasing the areas classi-
fied as highly seismic. Whereas in previous clas-
sifications, some municipalities were effectively
regarded as aseismic, that is no longer the case and
all 8,102 are now considered to be in a seismic
zone to a greater or lesser extent. Italy bases its
seismic classification on historical records and
calculated return periods. Where these are a poor
reflection of seismic hazard, it can underestimate
the earthquake threat. Hence, severe damage
occurred in northern Emilia and southern Lom-
bardy in the earthquakes of May 2012, an area that
had not had a major seismic disaster since 1574.
Several hundred municipalities are faced with
the highest seismic risk in the Strait of Messina
(including eastern Sicily) and southern Calabria
(the Aspromonte) areas. The Apennine Moun-
tains, which form the “backbone” of the Italian
peninsula, are, in a tectonic sense, divided into
blocks, which means that seismicity varies sig-
nificantly from one locality to another. However,
the vulnerability of buildings, including schools,
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is almost universally high: modest local taxation
revenues inhibiting retrofitting and maintenance.
The largest seismic event of the past century
remains that in Avezzano, in 1915.

An event that for Italians most encapsulates
the seismic risk to schools was that of 31 October
2002 at 11:40 a.m. where in the Apennine town of
San Giuliano di Puglia (population 1,195), the
infants’ school collapsed onto a class of small
children (Augenti et al. 2004). Twenty-six small
children and three teachers were crushed to death,
and 35 children were rescued and lived. The
building had been constructed with regional
development funds in the early 1960s and had
had its roof renewed a year before the earthquake.
Evidently, the roof, of reinforced concrete with a
ring beam, was too rigid and too heavy for the
underlying structure, a concrete frame building
with hollow-brick infill. There were signs that the
quality of the cement was poor and the
reinforcing steel was not used as it should have
been. Moreover, despite mounting evidence that
the Molisan Apennines are significantly affected
by periodic earthquake activity, the revision of
local building codes to take account of the new
data on seismic risk cannot be applied as easily to
existing structures as it can to ones that are about
to be built (Augenti et al. 2004, p. S258).

The school at San Giuliano di Puglia
succumbed because it contravened simple, well-
known laws of dynamic response in structures
affected by seismic acceleration. Inertial forces
applied to a heavy roof sitting upon a weak frame
structure amount to a recipe for tragedy.

Consider the schools of the Lunigiana, a sur-
prisingly remote mountainous area of northwest-
ern Tuscany. The Lunigiana has a sparse and
dispersed population. Children attend elementary
schools in the villages and secondary schools in
major population centers, which they reach by
bus or car. Many of the school buildings were
constructed in the 1950s and 1960s to cater for
the postwar population boom, and, in a rural area
of relative economic stagnation, they have nei-
ther been built to be fully anti-seismic nor
retrofitted. Indeed, in the minor population cen-
ters, they are decidedly dilapidated, nor do their
staffs seem to have much interest in repeatedly
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practicing evacuation drills. Yet the area awaits a
magnitude 6 earthquake, which it is predicted
may kill up to 120 people and injure more than
a thousand. How many of them will be school
children? This situation is typical of the seismic
risk that affects highland Italy.

Elsewhere in Italy, much more progress has
been made. The civil protection departments of
several regional governments have introduced
comprehensive Scuola sicura (safe schools) pro-
grams, notably in the northern regions of Lom-
bardy, Piedmont, and Emilia-Romagna and in the
autonomous Region of Sicily. The programs
involve a combination of structural measures
and school disaster management efforts, such as
evacuation drills and lessons in civil protection.
In many of the major cities, fire brigades and
volunteer civil protection services are heavily
involved in the programs, with public-private
partnerships supporting attractive safety litera-
ture for school children.

Despite these developments, as in other seis-
mic countries so in Italy, the building stock of
schools continues to age and the civil protection
educators must fight against the indifference of
teachers, principals, and administrators. In many
respects, mass mortality in Italian schools during
recent seismic events has been avoided mostly by
the lack of major earthquakes during school hours,
a situation that will not prevail forever. Given an
overwhelming need to upgrade the seismic perfor-
mance of schools in Italy, the response of the
national government has been to rank the build-
ings in terms of the deficit between design require-
ments (a function of the rules that prevailed at the
time they were built) and the latest assessment of
peak ground acceleration (PGA). Priority funding
is given to those schools that have the greatest
“PGA deficit” (Grant et al. 2007). However, the
problem of unsafe school stock is simply too
expensive to solve in the short to medium term.

Japan
In general, Japan is understood to be a leader in

evaluating seismic risk and in implementing
building codes for seismic-resilient construction.
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Two publications available in English are
MEXT’s school seismic retrofit handbook
(MEXT 2008a) and school nonstructural refer-
ence book (MEXT 2008b). In addition to high
seismic performance standards for schools, fol-
lowing the 1995 Kobe earthquake, Japan also
began providing guidance for mitigation of haz-
ards due to building nonstructural elements and
contents in schools. Nonetheless, the East Japan
earthquake and tsunami [of 11 March 2011, with
magnitude 9.0 earthquake off coast of East
Japan], destroyed 6,284 in the affected region
with different damage levels. Most of these
were affected by tsunami waves, rather than
earthquake. This was due to the location of the
school buildings [proximity to coastal areas],
the layout and structure of the buildings, and the
subsidence of local tsunami retention walls. At
the immediate aftermath, some schools [with
higher stories] were used as temporary evacua-
tion sites, and later people were rescued by heli-
copters. In some schools, located in higher
ground, people took shelter, which lasted till
6 months in some cases, which caused serious
disruption of school education.

The disaster pointed out several dimensions of
role of schools and disaster education: (1) Schools
can play an important public infrastructure of the
community; however, the structural safety of the
building needs to be linked to operational
[including supplies of emergency kit] and loca-
tional issues. (2) School-community linkage is an
important element, and local communities played
an important role along with school teachers for
the management of the evacuation sites.
(3) While it is unavoidable to use the school as
shelter, the continuity of education in emergency
is a crucial issue. (4) School-based community
recovery emerged as an effective concept, where
the reconstruction of school building was linked
to enhanced community cohesion (Shaw and
Takeuchi 2012).

Nepal

A risk estimate for Kathmandu Valley, the eco-
nomic, political, and technological hub of Nepal,
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based on a scenario earthquake similar to the
1934 Bihar-Nepal earthquake, suggests that
more than six million children and 140,000
teachers are at risk in schools (Bothara
et al. 2002). A survey of 900 public schools in
greater Kathmandu Valley estimated that more
than 75 % of school buildings would suffer severe
damage beyond repair (estimated at US$7 mil-
lion), and other 25 % would suffer repairable
damage. In the absence of intervention, an esti-
mated 29,000 children could be killed in their
schools. With intervention 24,000 of these could
be saved and buildings protected (NSET 2000).

A more recent assessment of school
buildings in other parts of the country shows
that more than 9,000 school buildings, more
than 10 % of the total in Nepal, would suffer
partial to complete collapse, resulting in very
high casualties.

Most Nepalese school buildings are commu-
nity built, by local craftsmen who have no formal
training and are often illiterate. Technically
trained people are not part of this process, unless
it is funded by the government. Construction is
characterized by the high degree of informality.
The local availability of the construction mate-
rials, such as fired or unfired bricks, stone in mud
mortar, and timber, controls the construction pro-
cess. The use of modern materials such as
cement, concrete, and steel bars is limited by
affordability and accessibility and is confined to
urban areas and areas accessible by transport.

In Nepal, there is no mandatory policy to con-
trol school design and construction. While some
schools are supported by international donor
agencies and/or the government requires design/
drawing details, many are directly constructed by
the communities without standard design criteria
or technical supervision. Likewise, site-specific
hazards are also not considered during the
design and construction. Some design details are
available, but they may not be entirely suitable
for specific sites/locations. At most local
levels, people lack the capacity to understand
and implement the earthquake-safe construction
method.

Low budgets for most school construction and
lack of awareness and knowledge on the part of
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graduate engineers of traditional and informal
construction methodology result in most school
buildings lacking earthquake resilience.

The National Society for Earthquake Technol-
ogy in Nepal (NSET), a national NGO, conducted
a program to strengthen existing school buildings
and promote structural as well as nonstructural
components of the school buildings for seismic
safety, leveraging the decentralized, traditional,
and informal approach to construction (Bothara
et al. 2004). This program involved craftsman
training, technology development and transfer,
and community awareness raising. Many local
masons became master masons. On-site master
masons worked in residence, supported by
visiting engineers with far-reaching effects.
Shake-table demonstrations of typical versus
seismic-resilient construction impressed commu-
nities with the effectiveness and feasibility of
seismic-resistant measures. By raising awareness
in schools, the entire community is reached
because lessons trickle down to parents, relatives,
and friends.

The approach developed took into account
sociocultural and economic issues, with outreach
to all stakeholders — school staff, students, local
community, local clubs, and the local and central
government. They have all been involved in the
process so that they become aware of the risk and
support the solution. School building construc-
tion was taken as an opportunity to train masons
and to transfer simple but effective technology to
others in the community, including house
owners.

Following this approach, NSET retrofitted
more than 40 schools, mostly of unreinforced
masonry buildings. The program was found suc-
cessful in transferring technology to local crafts-
men who were quite keen to learn about the
complete process and to adopt the technology.
These masons became the propagators of the
safety message in the vicinity of these schools
and the replication of earthquake-resilient con-
struction. The long-term sustainability of these
impacts has yet to be assessed, but NSET’s expe-
rience shows that seismic retrofitting and
earthquake-resistant new construction are both
affordable and technically viable.
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Turkey

Turkey has more than eight million children
attending schools in 64 provinces in the first-
and second-degree seismic risk zones. The 1999
Kocaeli (moment magnitude Mw 7.4) and Duzce
(Mw 7.2) earthquakes with approximately 20,000
fatalities raised awareness of the school safety
question, and the 2002 (Mw 6.0) Afyon-
Sultandagi and 2003 Bingol (Mw 6.4) earth-
quakes kept awareness high.

During the 1999 earthquake in Kocaeli,
43 schools were damaged beyond repair, and
381 sustained minor-to-moderate damage.
School was suspended for 4 months causing
major disruption to the lives of families and chil-
dren. In Istanbul, 60 km away, there was damage
at 820 of the 1,651 schools. Damage at 131 of
these sites necessitated at least temporary school
closure. Thirteen were immediately demolished,
and another 22 were later slated for demolition
when retrofitting proved too costly. Fifty-nine
schools were strengthened and 59 repaired.

In the Bingol earthquake of 2003, out of
29 schools in the affected area, 4 school buildings
collapsed completely, 10 were heavily damaged,
12 slightly or moderately damaged, and
3 undamaged.

Public schools in the Kocaeli earthquake
fared better than residential buildings and pri-
vate schools. Had children been at school dur-
ing the Kocaeli earthquake, far fewer would
have lost their lives. The fatality rate in resi-
dential buildings in the Kocaeli earthquake was
1.5 % in heavily damaged buildings and
16.5 % in totally collapsed buildings (Petal
2009). Similar damage in higher occupancy
buildings of the same type would cause higher
fatality rates. In the single example of the
school dormitory in the Bingdl earthquake
where 84 children died, the fatality rate was
44 %. Average risks are theoretical and don’t
occur. Instead, the reality is that either the
school is not occupied and no one dies or it is
occupied and the fatality rates are high, and the
tragedy is wholly unacceptable.

There is much that is right with school con-
struction in Turkey. As a result of an assigned
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importance factor of 1.5, public schools are
designed to withstand a 50 % increase in earth-
quake design loads. Schools have regular
symmetrical structural designs, and those that
are only one or two stories have fared well, for
the most part meeting standards for life safety, if
not continuous occupancy. The lethality of
school buildings is almost entirely attributable
to shoddy construction and is particularly lethal
in taller buildings that may also have design
defects.

For decades all public construction was under
the authority of the Ministry of Public Works and
Settlement. Earthquake building codes on the
books since the 1930s were updated most
recently in 1976 and 1998, yet the existence of
these laws has not guaranteed the safety of con-
struction. The reasons are numerous.

Beyond an undergraduate or graduate degree,
there have been no independent or nonacademic
professional qualifications, proficiency stan-
dards, continuing education requirements, or
licensure for architects or engineers nor any qual-
ifications for building contractors. There are also
no guidelines for reliable and systematic building
inspection during construction. Penalties for
noncompliance with building codes are beset
with bureaucratic and social impediments and
often are simply not applied. Legal liability in
some future event with low-frequency occur-
rence can hardly be a deterrent with so many to
share blame. Public construction has also suf-
fered from a standard (though not legally
required) preference for the lowest bid in public
tenders. The civil service employment system
also lacks proficiency standards and qualifica-
tions for professional staff; so at the local level
there is a wide variety in the capacity for project
supervision and control. Wage and salary levels
are low, and there has been opportunity for both
favoritism and corruption. There are no ombuds-
man or advocacy services to support consumer
whistle-blowers.

Istanbul provides a dramatic example of three
overlapping tasks:

» Immediate response to damages caused by the
1999 earthquake
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e Implementation of a  comprehensive
retrofitting and replacement for seismic risk
mitigation

» Follow-through on an ambitious program of
school expansion and construction initiated to
respond to the acute shortage of class space
occasioned by three additional years of com-
pulsory education enacted in 1998

After the 1999 earthquake, the responsibility
for school construction was shifted to the Minis-
try of Education’s Division of Investments and
Facilities (DIF). In turn, DIF appointed consul-
tants from the private sector to oversee the new
facility design and construction. DIF also devel-
oped standard designs for the new facilities, and
new school construction was financed by a com-
bination of government funds and charitable con-
tributions raised by not-for-profit foundations.
New construction and procurement laws also
went into effect; however, the cumulative impact
of these changes and pressures is not yet known
(Giilkan 2004).

In Istanbul of all projects the highest priority is
given to regional boarding schools, then to
schools in the 12 highest-risk districts, and to
those in proximity to the Marmara seacoast. The
overall mitigation and retrofit effort targets more
than 1,800 buildings that constitutes the 80 % of
stock predating the 1998 Building Code. This
ambitious program is budgeted for US$320 mil-
lion (Yizugilli et al. 2004).

An additional problem in Turkey is that
awareness of nonstructural hazards remains low.
Classroom doors often open inward and shelving
and laboratory equipment remains unfastened.
However, concern that children advised to
“drop, cover, and hold” might be injured by
flimsy wooden desks led to production and dis-
tribution of 80,000 steel desks to more than
500 schools in the most vulnerable areas.

Schools are a well-distributed means of public
education, and children can play a leading role in
the dissemination of public safety messages.
Thus, Professor Isikara, former head of KOERI,
a major earthquake research institute in Istanbul,
toured the country visiting schools, becoming
known as “Grandpa Quake,” and produced the
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first children’s books and popular educational
and rap music cartoons for earthquake awareness.
Both the Istanbul Governor’s Office and
KOERTI’s newly established Istanbul Community
Impact Project (ICIP) produced handouts distrib-
uted to all school children. Schools also received
books and CDs. At the national level an introduc-
tion to natural hazards was integrated into the
primary school curriculum in Environmental
Studies in 2002. Annual school-wide earthquake
drills and preparedness and remembrance activi-
ties were initiated on 11 November 2001, to coin-
cide with the Duzce earthquake anniversary.

Between 2001 and 2003, a cascading model of
training and instruction called “ABCD Basic
Disaster Awareness” was implemented by
KOERTI’s Istanbul Community Impact Project.
A curriculum was developed to address specific
assessment and planning activities, physical risk
reduction, and response preparedness measures
to be taken prior to a disaster. This was a signif-
icant reorientation from previous ‘“awareness”
programs that began with what to do “during the
shaking.” A single full day of instructor training
for 3,600 teachers was provided in collaboration
with the Ministry of Education Provincial Direc-
torates and outside donors. These teachers in turn
communicated with 121,000 school personnel
and through them with 1.68 million school chil-
dren as well as with 700,000 parents. The project
established an Internet-based monitoring system
to monitor dissemination. Based on the success of
this project, almost a decade later an even more
ambitious scale-up was attempted.

In 2010 the Ministry of National Education is
committed to taking the program nationwide with
technical support from Risk RED, in a follow-up
project supported by the American Red Cross.
A distance-learning self-study curriculum was
developed consisting of 1 course (10 lessons) in
household disaster preparedness and 1 course
(9 lessons) in school disaster management, with
the goal of reaching 25,000 school-based instruc-
tors (Petal and Turkmen 2012). During the first
year of deployment of the courseware in 2012,
more than 79,000 MoNE employees completed
one or more lessons. More than 65,600 users
completed the School Disaster and Emergency
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Management Course and more than 50,000
passed the final test. Almost 50,000 users have
completed the Individual and Household Disaster
Preparedness Course and more than 40,000 users
have passed the final test. There were a total of
114,700 course completions, 92,800 final tests
passed, and more than one million lessons were
successfully completed by users. Within the first
year, active users completed an average of almost
15 lessons each (Petal and Tirkmen 2012).

In 2005, a loan to implement the Istanbul
Seismic Risk Mitigation and Emergency Pre-
paredness (ISMEP) was funded by the World
Bank and European Investment Bank, to help
prepare Istanbul for a probable earthquake in
the Marmara Region. The project had broad
aims to enhance the institutional and technical
capacity of emergency management-related insti-
tutions, raise public awareness, assess priority
public buildings for retrofit or reconstruction,
and support building code enforcement (www.
ipkb.gov.tr). “Component B” addressed seismic
risk mitigation for priority public buildings. This
included a feasibility study for retrofit of 1,128
education buildings on 796 school sites. Of these,
506 were strengthened and 148 were
reconstructed. At the time of completion of the
project, further 34 were slated for retrofitting and
27 for reconstruction.

USA: California

In 2008, seismic safety advocates in California
launched the first Great Southern California
ShakeOut. The now annual event has grown to
include five western states and several central US
states and has been conducted in cities in five
other countries. In its first year four million chil-
dren and adults participated through 207 school
districts plus almost 750 individual schools (Risk
RED 2009). In 2013 there were more than 9.6
million participants in the Great California
ShakeOut drill. Globally there were almost
25 million registered participants in similarly
inspired Great ShakeOut Drills. Of these almost
75 % were school-based participants (Earthquake
Country Alliance 2013). This regular public
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awareness event has heightened interest and con-
cern in safe school facilities. With 3.6 million
children enrolled in 262 public school districts
in seven counties in Southern California, a major
earthquake in the region could cause an unprece-
dented catastrophe for schools, children, and
teachers.

School seismic safety has been a policy and a
community concern in California since the 1933
Long Beach earthquake, and school emergency
planning has been required statewide since 1984.
With 75 years of public policy leadership to sup-
port school safety, new school construction stan-
dards are higher than those for regular buildings
and come close to assuring life safety. An advice
regarding non-structural mitigation measures
(fastening furnishings, etc.) has been in place
for 20 years and requirements for such mitigation
have been in place for 10 years.

The 1933 Field Act implemented immediately
after the Long Beach earthquake that year
required that schools be built to 15 % higher
performance standards than normal construction.
In 1938 the Garrison Act required examination
and improvements to pre-1933 construction, but
went unenforced until 1968. The Uniform Build-
ing Code enacted in 1976 is now the current
standard for safe school construction. The Field
Act has been hailed as a high point in school
seismic safety and California schools are consid-
ered the safest in the United States. Some school
facility managers feel that its requirements are
too stringent and too costly, and many seismic
safety advocates feel that it does not go far
enough. The Act requires that structural plans
be prepared by licensed structural engineers and
approved by an independent state agency (the
Division of the State Architect (DSA)). Schools
have continuous on-site inspection (rather than
periodic), by a DSA-approved project inspector.
Project architect and engineers must perform
construction observation and administration,
and a final verified report must be filed by the
project architect, engineers, inspectors, testing
labs, and the contractor (State of California,
DSA 2007, 2009).

In 2007 the California Seismic Safety Com-
mission found that: (1) The cost of compliance
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with the Field Act is incremental and minimal.
(2) Timeliness, consistency, accuracy, and com-
munication are being improved by the Division of
the State Architect. (3) The exemplary perfor-
mance of school buildings is directly attributable
to the stringent seismic design provisions, plan
review, field inspection, and testing required by
the act and which go beyond the standard build-
ing codes. (4) All public schools should be cov-
ered. A 2009 study reported that in the four major
earthquakes since the Field Act, there have been
no public school collapses. The construction to
Uniform Building Code, the special enforcement
and quality control provisions, an oversight by
the Office of the State Architect, and the 2003
publication guiding mitigation of nonstructural
hazards are all judged to be successful. Nonethe-
less, the work is not yet complete.

In 1999 Assembly Bill 300 required desk
assessment of 9,659 pre-1978 school buildings.
The final report based on woefully incomplete
records was released in 2002 and found 7,537
potentially  vulnerable buildings requiring
detailed seismic evaluation. The cost of retrofit
was estimated at $4.5 billion (State of California
2002). Due to fear of planning and financial
implications, details were not released to the
public. In 2005 an investigative reporting series
by California Watch finally achieved this (Risk
RED 2009). In 2011, 20,000 uncertified projects
were released on an interactive map (California
Watch 2011).

A review of school seismic safety in Califor-
nia identifies four remaining areas of concern:

e There are still some 7,537 school buildings in
California constructed before 1978 that are of
questionable safety.

» Portable classrooms, which may account for
one-third of all classrooms in California, may
be particularly hazardous if not properly
supported and fastened.

» Private schools are not currently required to
meet these same construction standards as
public schools.

» Nonstructural mitigation measures continue to
require consistent application to protect chil-
dren and adults from both injury and death.
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» Each school district and private school is
strongly recommended to conduct its due dil-
igence and report on these issues transparently
to parents, staff, and students, so that collec-
tive action can be taken to address these seri-
ous vulnerabilities. Neither fear nor
California’s persistent financial crisis in the
education sector should be acceptable excuses
for inaction (Risk RED 2009).

Summary

Most of these case studies have focused on the
primary importance of safe school facilities,
through both standards for new school construc-
tion and strategies for school vulnerability assess-
ment and planning for retrofit and replacement.
While sound earthquake engineering expertise is
fundamental to advocacy, communications, plan-
ning, and execution of these efforts, it is also
important to retain the perspective of the primary
beneficiaries: children, teachers, and school com-
munities. This necessitates going beyond the
obvious: site selection, design, and construction.
As some of these case studies indicate, it is also
important to consider nonstructural mitigation,
ongoing maintenance, safe access to school,
school function as temporary emergency shelters,
and even structural awareness education and the
use of construction as an educational opportunity
for children and communities. By taking this
wider (and multi-hazard) view, the focus on safe
school facilities overlaps with both ongoing
school disaster management and with risk reduc-
tion education.

Cross-References
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Nonstructural Elements; Secondary Structural
Elements.

Introduction

Seismic evaluation of a construction has to

include, with a given level of accuracy, the
interaction phenomena between (1) soil,
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(2) foundation, (3) structural part of the construc-
tion to be intended as the part in elevation, and
(4) nonstructural part to be intended as a part of
the construction with minor or no task to the
structural capacity.

From a conceptual point of view, it could be
easy to assert the following principle:

the seismic evaluation of a construction has to be

performed based on 1) the definition of Structural

Resisting System (SRS) 2) a proper model imple-

mentation of the SRS 3) a proper analysis of

the SRS.

Given that the previous principle could
resolve the problem, the SRS verification remains
one of the goals of the analysis process: it can be
pursued with a probabilistic approach (ATC
58 2012) (1) defining the required performance
(2) based on the predictable loss (direct and indi-
rect) consequent to a given seismic event.

A general approach, in which the strategy can
be framed, is the performance-based approach
that (1) defines a given number of performance
levels (PLs), (2) chooses a seismic level for each
PL, and (3) requires a given performance for each
PL. Examples of PLs are operational, immediate
occupancy, life safety, and collapse prevention.

The performance-based approach delegates
the applicator of it the definition or selection of
the most appropriate tools to be applied for the
(1) identification of the resisting system (RS),
(2) structural analysis (modeling included),
(3) capacity definition, and (4) verification.

The first step (RS identification) is not an easy
task: the RS includes the soil and the construction
that on the other hand can be split in structural
and nonstructural elements which are not sup-
posed to have any role in the global resistance
of the construction with regard to neither of the
so-called vertical loads or of the horizontal loads
such as those that schematize wind and seismic
actions.

The nonstructural elements, having no role
in the seismic capacity, are generally considered
as additional weight to be included in the
mass evaluation, neglecting the structural inter-
action between them and the structural resisting
system.


http://www.seismic.ca.gov/pub/CSSC%2009-02%20Field%20Act%20Report.pdf
http://www.seismic.ca.gov/pub/CSSC%2009-02%20Field%20Act%20Report.pdf
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For many of the nonstructural elements, the
absence of interaction can be considered realistic
so that they can be considered as attached ele-
ments (from which the name attachment derives)
that having a proper structure (mass, stiffness,
structural capacity) have to be verified with
regard to the seismic action transferred to them
(from the resisting system).

The attachments (as previously introduced)
are objects with their morphology so that they
can be schematized with either continuous or
discrete models opportunely connected to the
structure they are attached to. Examples of
attachments are (1) furnitures, (2) technical sys-
tems, and (3) art objects of a museum.

If the structure-attachment interaction is neg-
ligible as well as the soil-structure interaction, a
cascade procedure can be adopted evaluating the
seismic action (in terms of time histories or
response spectrum) (1) at the base of the structure
in elevation and then (2) transferring it at the
points to which the nonstructural element is
attached.

The cascade procedure, not considering the
primary (SRS) and secondary (attachments) sys-
tems as a whole entity (PS system), cannot be
adopted when the two systems are tuned; that
means their periods are similar and the attach-
ment could be acting as a tuned mass damper
(TMD) for the primary system.

The seismic analysis of the attachments can be
performed by means of different strategies
(Villaverde 1997; Chen and Soong 1988) among
which linear and nonlinear analyses can be
included: the PS system can be analyzed as a
global system with an evident computational
effort.

The need of efficient and accurate methods to
analyze the PS systems inspired methodologies
(Igusa and Der Kiureghian 1985a, b) based on
(1) modal synthesis, (2) perturbation theory, and
(3) random vibrations.

The decoupling of the secondary system (from
the P system) allows the evaluation of the seismic
action in terms of Floor Response Spectra whose
approach is similar to the approach that governs
the decoupling between soil and structures: a
Response Spectra is defined and applied at the

Secondary Structures and Attachments Under Seismic Actions: Modeling and Analysis

base of the structure, including in it the effect of
the propagation of the seismic action in the soil.
Similarly, a spectra (FRS) is defined at the base of
the attachment, including in it, with a cascade
procedure, the effect of the propagation of the
action at the soil (at first) and, subsequently, at
the elevation structure.

The definition of a Response Spectra at the
base of the attachment solves the problem since
the attachment can be analyzed with traditional
methodologies that are, for example, Seismic
Modal Analyses or Time Histories Analyses
based on acceleration histories compatible with
the given Floor Response Spectrum.

Usually the effect of the propagation of the
seismic event (from the soil to the attachment) is
performed considering a linear behavior of the
primary structure: this is supposed a realistic
assumption for new conceived structure when
operational and immediate occupancy PLs are
considered.

The linear structural behavior of the princi-
pal system could be considered as nonrealistic
in some cases, where the system’s nonlinearity
could produce effects (on the attachment) more
severe than those evaluable with a linear
behavior assumption (Chaudhri and Villaverde
2008).

The attachments, as discussed so far, are sec-
ondary elements that do not give any contribution
to seismic resistance of the primary system and,
in these terms, can be classified as secondary
nonstructural elements (NSEs) to be distin-
guished from the secondary structural elements
(SEs) that have a negligible role in supporting the
seismic action but can have a specific role in
transferring the vertical load to the foundation
system.

Secondary elements, either attachment
(secondary NSEs) or structural elements (SEs),
are both systems having their structure, oppor-
tunely linked to the primary structure: they have
to be adequately modeled in order to be analyzed
with the strategies common to the seismic branch,
such as (1) static analyses (linear and nonlinear),
(2) modal response spectrum analyses, and
(3) time domain analyses either linear or
nonlinear.
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Morphological and Phenomenological
Aspects Versus Modeling and Analysis

Depending on the structural resisting system
typology and the construction usage, the NSE
typology can be wide (see Fig. 1, for the building
case) and their taxonomy can be found in Taghavi
and Miranda (2003) where a comprehensive data-
base of nonstructural components is presented
covering different aspects such as, among others,
cost information from which is deducible that the
structural cost of a building could be not relevant
with respect to the global cost: the office buildings
structural costs, even if relevant, are only 18 % of
the total cost of construction that can be split in

cost of (1) structural elements, (2) secondary struc-
tural elements, and (3) nonstructural elements
such as the contents are. The cost of the
nonstructural elements can be estimated to reach
the 70 % of total construction costs if the hotel
buildings are concerned, while it is lower in office
buildings (62 %) and hospitals (48 %) where con-
tents (such as medical equipment) can be esti-
mated to be 44 % of the total cost.

Economic loss due to seismic nonstructural
damage can be relevant: during the 1994
Northridge earthquake, the nonstructural damage
was (Kircher 2003) about 50 % of the global
building damage which was estimated to be
$18.5 billion.
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\

ELECTRICAL
CONDUIT FOR

WIRING \

BEAM

LIGHT FIXTURE ~ |

SUSPENDED
CEILING
ACOUSTICAL

™ FIRE
SPRINKLER
SYSTEM

™ NON-LOAD
' BEARING
PARTITION

TILE

EXTRERIOR

CONCRETE SLAB ON
METAL DECK OR
CONCRETE SLAB

CURTAIN
STEEL OR WALL, STEEL COLUMN
CONCRETE WINDOWS, SHOWN ENCASED
COLUMNS CLADDING IN FIREPROOFING

Secondary Structures and Attachments Under Seismic Actions: Modeling and Analysis, Fig. 1 Typology of
building nonstructural elements. Reproduced from FEMA 74 (2005)
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body mechanism

Most of the NSEs have limited seismic perfor-
mance because they are not properly attached to
the primary structures, so that, depending on their
slenderness, they can (see Fig. 2) (a) topple over,
(b) slide and topple, and (c) slide. The loss of
capacity of the NSEs or their connections can
cause damage to other equipment (see Fig. 2)
and injury to people, so careful attention has to
be paid to the design of the connection (see
Fig. 2).

Unlike the old conceived NSEs, the
new-generation elements can have a good seis-
mic performance, thanks to the wide range of
connections that can be adopted to link the NSE
to the structure. Depending on the case at hand,
the design can include (1) seismic joints oppor-
tunely designed to accommodate seismic dis-
placements, (2) seismic isolators to reduce the
acceleration level, and (3) dissipative device to
reduce the level of acceleration, velocity, and
displacement.

So the new-generation NSEs cannot be con-
ceived without an adequate strategy for the con-
nection design, an example of which is reported
in Fig. 3 where the case of a machinery (for
cement production) mounted on a steel structure
attached on a reinforced concrete building has
been reported: dissipative devices have been
introduced at the base (of the steel structure) to

reduce the seismic action on both the machinery
and building.

Referring (see Fig. 3) to the previously intro-
duced example (where the equipment can be con-
sidered as an attachment of the primary
structure), the following indications can be
given for the seismic analysis:

1. If the NSE is rigidly connected to the structure
and its mass (Mys) is not negligible with
respect to the building mass (Mg), a global
analysis of the PS system is required. In case
of modal spectra time history (TH) analysis,
some approximation in the damping definition
is needed due to the different damping of the
attachment (steel structure) with respect to the
reinforced concrete structure. More appropri-
ate step-by-step TH analyses can consider the
element damping, properly modeling it by
means of dashpots when nonclassical
damping is present.

2. If Mg is negligible with respect to Mg, but the
NSE period (Tys) is close to structural period
(Ts), the so-called runing happens and a global
analysis of the PS system is required, not
excluding positive effect.

3. If Mys is negligible with respect to Mg, and
Tns is not close to Tg, the decoupling could be
considered and the strategy for the analyses
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could be oriented to the definition of the seis-
mic action at the level of the connection, con-
sidering the structural system as a stand-alone
element subjected to a seismic action at the
base of it.

The following strategy can be considered:
(a) time history analyses applied either to the
whole system or to the stand-alone attach-
ment, considering the acceleration histories
recorded at the level of the attachment con-
nection and (b) spectrum-based analyses defin-
ing an acceleration spectrum consistent with
the time histories recorded at the points where
the attachment is connected to the structures:
the generated spectrum is usually named Floor
Response Spectrum (FRS) even if (as the case
reported in Fig. 4) the FRS has been evaluated
where the attachment is linked and not at the
floor level.

The FRS definition is an important task for the
NSE analysis, being the referred analysis tool to
be adopted, due to its recognized simplicity in
conjunction with good level of reliability
(in those cases where the decoupling can be
adopted). It is possible to affirm that the usually
adopted acceleration spectrum is to structural
analysis as the FRS is to the analysis of
nonstructural elements, so that the FRS is a
period-dependent function that can be evaluated
for different value of the attachment damping

given a specific soil and structure characterized
by their own periods and dampings.

Differently from the secondary nonstructural
elements, the secondary structural elements
(SE) require different strategies of modeling and
analysis. It is useful to introduce them as reported
in CEN (2008): some structural elements (i.e.,
beams and columns) can be designed as seismic
secondary elements, neglecting their contribution
to the global seismic resistance so that their stiff-
ness and strength can be neglected. As further
specified in CEN (2008), the SE and the joint
(that link them with structure) have to be designed
considering (1) the vertical gravitational load,
(2) displacement consequent to the seismic action,
and (3) second-order effects that include the flex-
ural moments evaluated considering the deformed
element shape (P-Delta effect).

Clearly the previous definition of the SE sup-
poses that they have a negligible influence in the
global structural behavior.

Starting from the classification of the second-
ary elements in NSEs (attachments) and SEs, the
following can be asserted: (1) given a construc-
tion, it includes a principal (P) and a secondary
(S) structure; (2) if the S structure has a negligible
influence on the P structure, the whole construc-
tion (PS) structural behavior can be decoupled;
(3) the S structure can be classified in structural
(SEs) and nonstructural (NSEs) elements; (4) the
SEs have to be designed for vertical gravitational
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load (transferred from the PS to them, including
the self-weight loads) considering the seismic-
induced displacement (P-Delta effect included);
(5) the NSEs have to be verified with regard to
self-weight loads and seismic action transmitted
by the P structure; (6) the secondary structure
elements and their supports (links) have to be
verified in order to avoid that their partial or
total failure can induce injury to people or impor-
tant objects; and (7) if the interaction between
P and S systems is not negligible, a global PS
analysis is required.

In the following, some of the principal char-
acteristic regarding secondary structural and
nonstructural elements will be described.

Secondary Structural Elements

Typical case of SE is internal and external build-
ing partitioning system (Glass Systems
included): their seismic contribution is usually
neglected in the seismic analysis (1) accepting
(for severe earthquake) their damage and
(2) imposing that out-of-plane collapse (see
Fig. 5) has to be prevented.

The infilled partitioning system can have a
role in transferring the vertical load even if they
can have a minor contribution in seismic
global capacity. If they have no role in the verti-
cal load as well as in the seismic P structure
capacity, their classification as NSE
(attachments) is reasonable.
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Attachments Under
Seismic Actions:
Modeling and Analysis,
Fig. 5 Molise (Italy):
Seismic event occurred in
2002 (October 31 (M =5.4)
and November 1 (M = 5.3).
Example of damaged
infilled frame: in-plane and
out-of-plane mechanisms

If no flexible joints are considered (in between
the P and S systems they represent), the absence
of collaboration with the P system is not judicable
by means of qualitative considerations, but it can
require a structural analysis of the PS system
including them as structural elements. In this
case, the designer can follow some suggestions
such as those included in CEN (2008) that con-
sider a structural system as SE if its global stiff-
ness is lower than 15 % of the P system stiffness.
The models concerning the infilled frames sys-
tems are well known.

The damage level in the partitioning system is
usually controlled imposing a threshold to the
interstory drift (see Table 1) as function of the
performance level and construction usage (ASCE
2002).

Attachments

Typical cases of attachments are parapets, win-
dows, partitioning systems, antennas, electrical
power systems, and furnitures. Depending on
their components, they can be sensitive to the
seismic acceleration or deformation (see
Table 2).

Modeling and Analysis

NSEs are elements characterized by their mass
and stiffness, and independently of the seismic
action they are subjected to, they can be modeled
and analyzed based on FEM strategies consider-
ing either their linear or nonlinear behavior.

In general the NSE is a system composed by
subsystems with a structural complexity (see Fig. 6)
that can require 3D complex models to be calibrated
by means of experimental tests (Fig. 6a) including
identification strategies: dynamic tests can be car-
ried out by means of shacking tables (Fig. 6c).

The experimental tests in support of modeling
and analysis implementation are especially
required either when the importance of NSE
usage is considered strategic or when the cost of
it justifies the experimental activity. In some
cases, a qualification procedure can be required,
generally ruled by international standard (Gilani
et al. 1999; IEEE 2005).

Modeling
Modeling has to take into account all the compo-
nents that give stiffness and strength
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Actions: Modeling and Analysis, Table 1 Drift control:
usually adopted values as function of usage and performance

level

Performance
level

Immediate
occupancy:
usually required
for construction
which usage is
considered
strategic

Life safety

Damage
description and
downtime/loss
Negligible
structural
damage;

essential systems

operational;
minor overall
damage.

Downtime/loss:

24 h

Probable
structural and
nonstructural
damage; no
collapse;

Drift control

0.3 % (stiff
joint), 0.6 %
(deformable
joints)

0.5 % (stiff
joint)

1.0 %
(deformable
joints)

minimal falling
hazards;
adequate
emergency
egress.
Downtime/loss:
possible total
loss

Several
structural and
nonstructural
damage;
incipient
collapse;
probable falling
hazards; possible
restricted access.
Downtime/loss:
probable total
loss

Collapse
prevention

Not required

contributions, including the connection elements
that, if needed, have to be modeled as nonlinear
elements.

In many cases, such as the bushing sketched in
Fig. 6a, an accurate modeling requires informa-
tions about all the subcomponents (coil springs,
valves) in terms of mass stiffness and strength.
The needed informations are not usually known
and the element investigation has to be supported
by means of experimental tests devoted either to
global information acquisition (frequencies,
modal shapes) or to evaluation of the level of
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performance given a defined seismic action.
Experimental tests can include shaking table
tests or static tests: this aspect is strictly linked
to the qualification process (IEEE 2005).

Seismic Action Modeling and Structural
Analyses

Seismic action can be simulated according to the
usually adopted strategies that, for the case at
hand, include (1) time histories (usually in terms
of acceleration) and (2) response spectrum final-
ized either to modal analyses or to static linear or
nonlinear pushover analyses.

Seismic level will depend on the referred per-
formance level that (see Table 1) identifies the
required performance associable to a seismic
event with a given return period, to be defined
based on cost-benefit analysis.

General rules valid for secondary elements are
the following:

1. Mass and stiffness uncertainties have to be
considered together with spatial distribution
of seismic effect in case of extended SE
systems.

2. Seismic effects on SE have to take into
account, in general, both horizontal and verti-
cal components to be evaluated based on a
structural model of the principal system.

3. If the SE behavior can be decoupled from the
principal system, the datum method for the
evaluation of the peak acceleration at the SE
is based on the Floor Response Spectrum
(FRS) that given an SE element, with a defined
structural period and damping, attached to a
given part of a structure, having its mechanical
properties, subjected to a given seismic event
(E), allows to define the peak acceleration to
which the element will be subjected when the
seismic event (F) is transferred at the base of
NS element.

Based on the knowledge of the FRS, one of the
following methods can be adopted: (a) static
equivalent forces (including nonlinear pushover
analysis), (b) modal analysis, and (c) time history
(linear or nonlinear) analyses based on
accelerograms compatible with the FRS.
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Secondary Structures and Attachments Under Seismic Actions: Modeling and Analysis, Table 2 NSE classifica-
tion (ATC/BSSC 1997) and element sensitivity with regard to acceleration and deformation

Sensitivity Sensitivity
Component A D Component A D
A. Architectural B. Mechanical equipment
1. Exterior skin 1. Mechanical equipment
Adhered veneer S P Boilers and furnaces P
Anchored veneer S P General mfg. and process machinery P
Glass blocks S P HVAC equipment, vibration isolated P
Prefabricated panels S P HVAC equipment. Nonvibration isolated P
Glazing systems S P HVAC equipment, mounted in-line with P
ductwork
2. Partitions 2. Storage vessels and water heaters
Heavy S P Structurally supported vessels (category 1) P
Light S P Flat bottom vessels (category 2) P
3. Interior veneers 3. Pressure piping P S
Stone, including marble S P 4. Fire suppression piping P S
Ceramic tile S P 5. Fluid piping, not fire suppression
4. Ceilings Hazardous materials P S
(a) Directly allied to structure P Nonhazardous materials P S
(b) Dropped, furred, gypsum P 6. Ductwork P S
board
(c) Suspended lath and plaster S P
(d) Suspended integrated ceiling | S P
5. Parapets and appendages P
6. Canopies and marquees P
7. Chimneys and stacks P
8. Stairs P S

A acceleration sensitive; D deformation sensitivity; P primary response; S secondary response

Floor Response Spectra-Based Evaluation
Floor Response Spectra are functions that define
the response spectrum of a given response param-
eter (e.g., acceleration, velocity, displacement) as
a function of period and damping of a given
structure (attachment) localized at a given point
of the construction.

The generally adopted technique for the FRS
definition consists in (1) analyzing the P structure
(to which the S structure is attached) in the time
domain, considering » time histories (e.g., accel-
eration TH), (2) evaluating (for each TH), at a
given point of the structure, the TH of the accel-
eration and the related response spectrum for a
given damping value, and (3) defining one repre-
sentative spectrum (based on the n available
FRSs) having a given overcoming probability
(usually a 50 % probability is considered): for

low values of n (e.g., minor than 7), an envelope
spectrum has to be considered.

Usually the location of the attachment is not
known in advance, so that the previous procedure
can be applied considering p points obtaining
p Response Spectra. For those points that are
located at the same level (floor) of the
P structure, a single spectrum can be evaluated
(enveloping the Response Spectra), naming it
Floor Response Spectrum.

If the goal is the evaluation of conservative
FRSs, for each floor, a set of points has to be
opportunely selected so that both translational
and rotational effects are captured: they usually
include the floor centroids and one or more cor-
ners for each floor.

It is worth mentioning that having defined the
P system structural model, it is possible to
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Fig.6 (a) Morphology of a
bushing. (b) Bushing
experimental test carried
out at UC Berkeley (CA).
(c) Cabinet experimental
test carried out at UC
Berkeley (CA)

a ALEEJB
= =

evaluate a transferring function Hy, that (1) know-
ing the Fourier Transform (Fj, input FT) of a
given accelerogram (2) allows the definition of
the Fourier Transform of the TH acceleration at
given point (F,, output FT) so that (3) the inverse
Fourier Transform of F, gives the TH at the
considered point that is the required information
for the Response Spectrum evaluation.

Alternatively, if the Power Spectrum G; of a
given earthquake or of a family of earthquakes
is known as well as the previous defined
Input Transferring Function (F;), the output
Power Spectrum (G,) is evaluable according to
Eq. 1.

SECTION A-B

Conductor C .
. Coaxial line
Optical
measurement

Go(w) = Gi(w) [H,(w)|?

ey

Knowing G,(W) and the transferring function
(Hspor) of a single-degree-of-freedom system
(SDOF), the SDOF Spectra Power Density is
evaluable (see Eq. 2) and the related Response
Spectrum is the required FRS.

Gspor(w) = G,(w) [Hspor(w)|? ()

The previously presented approaches are not usu-
ally adopted for conventional structures as they
are time consuming, so that predictive expres-
sions are proposed in literature or enforced in
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international recommendations: given the peak
ground acceleration, the floor peak acceleration
is evaluated by multiplying the PGA by an ana-
lytical function, named S, in the following.

The usually proposed functions (S,) are based
on (1) simplified expressions for the evaluation of
the floor acceleration and (2) simplified shape
functions representative of the required FRS.

It is worth mentioning that given a structure,
knowing of it (1) the prevalent modal shape (D),
(2) the prevalent period (T;), and (3) the modal
participation factor (I') if a seismic action is
considered, the absolute structural acceleration
(i;) associated to the single modal coordinate
(®;) can be evaluated according to Eq. 3 where
Rg(Ty) is the value of the normalized acceleration
spectrum, for a given value of the structural
damping ({s) at the prevalent period of the
structure.

ii; =PGA -T - {1+ [Rs(Ts) — 1] - ®;} (3)
Assuming a given analytical function (Rggrs),
being it dependent on the period (Tys) and the
damping ({ys) of the nonstructural element, the
required FRS, associable to the ®; modal coordi-
nate, is equal to

FRS; = PGA - T - {1 + [Rs(Ts) — 1] - @;}

“Rers - (Ts) 4)
Usually, Eq. 4 is simplified adopting (1) a con-
stant value for Rg(T;) evaluated at the plateau of
the acceleration spectrum (assumed in the range

Secondary Structures and
Attachments Under
Seismic Actions:
Modeling and Analysis,
Fig. 7 Amplification
factor S, for different
values of z/H

1.0

0.5

......

ZH=024 == «= z/H=0.43 = .
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of 2-3), (2) a simplified expression for the eval-
uation of modal displacement ®; of a given floor
supposed to be equal to z/H where z is the level of
the considered floor and H is the total construc-
tion height, and (3) a value of I' between 1 and
1.5.

Based on the previous assumptions, Eq. 4 can
be simplified as follows, having assumed
Rg=3T=1:

FRS; =PGA - T - [1 +2- (Z/H)] - REgrs - (TNS)
5

In the following sections, some literature expres-
sions (CEN 2008; FEMA 369 2001; AFPS 2007;
KTA 2012) will be given, expressing them in
terms of the normalized FRS (S,) that corre-
sponds to FRS; evaluated for PGA = 1.

It has to be specified that in order to show the
trend of the S, functions, they will be plotted,
contextualizing it to the simple structure
described in the Case Study section.

CEN (2008)
The following Eq. 6, plotted in Fig. 7, is pro-
posed, supposing (s = {ns = 5 %.

14—
S.=3.-——H __05>1 (6
1+ (1-%)
Equation 6 can be evaluated assuming

Tns = 0, obtaining (1) the value of the expression

2.0 3.0 3.5 4.0

= z/H=0.62 z/H =0.81 z/H=1.00
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adopted for the evaluation of the normalized floor
acceleration (Eq. 7a) and (2) the value of the
adopted expression for the evaluation of Rggrg
(Eq. 7b). So that Eq. 6 can be rearranged as
reported in Eq. 7c.

It is possible to recognize that (1) a value of
2.5 has been assumed for the evaluation of Rg and
(2) the expression adopted for the evaluation of
RErs is supposed to be dependent on the normal-
ized floor height.

Ui z z
PGA:{1+[RS(T5)—1]-E}=1+1.5-ﬁ
(7a)
z
N I+5 3 0.5
FRS = 7z’ 2 Z
R T R
T+15. 1+(1*T*§) T+15.
(7b)
VA
sa:(1+1.5.ﬁ)
z
g 3 0.5
14152 16)? 14152 =
: H1+(1—T—S) 5q
(7¢)

FEMA 369 (2001)

The following Eq. 8, plotted in Fig. 8, is proposed
supposing (s = {ns = 5 %, where the values of
Rggs are reported in Table 3:

zZ
Sa:(l 2-—)~R 8
+ H FRS ¢))

Secondary Structures and Attachments Under Seismic
Actions: Modeling and Analysis, Table 3 Values of
Rgrs as function of Tns/Tn

TNS/TN RFRS

Tns/Tn < 0.5 and Tys/TN > 1.0

2.0

0.7 <Tns/Tn < 1.4 2.5

0.5 < Tns/Tn < 0.7 (7.5 x Tns/Tn)
—-2.75

1.4 < TNS/TN <20 6— (25 X TstrN)

It is possible to recognize that (1) a value of 3.0
has been assumed for the evaluation of Ry and
(2) the expression adopted for the evaluation of
Rgrs is supposed to be independent on the nor-
malized floor height.

AFPS (2007)
The following expression is proposed:

VA
Sa = \/1 +T2.R2 (ﬁ)Za-RFRS )

where (1) o is a parameter to be calibrated in
order to minimize the difference between the
effective modal displacements (®;) and the pro-
posed simplified expression (z/H), (2) Ry is the
value of the normalized structural acceleration
evaluated at the fundamental structural period
(Ts) for a considered value of the structural
damping, (3) the participation factor (I'y),
evaluable according to Eq. 10a, assumes a
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maximum value of 1.6, if « = 1.5 is imposed, and
(4) Rgrs values are reported in Table 3 as a
function of parameter A (see Eq. 10b) that takes

into account the damping ({ns) of the
nonstructural element.
20041
= 10
§ a+1 (10a)
35
=— (10b)
2+ s

It is worth mentioning that Eq. 9 derives from
Eq. 4, with the following assumptions: (1) a uni-
tary participation factor is considered for the
ground acceleration, while the principal mode
participation factor is considered according to
Eq. 10a. (2) The spectral acceleration Ry(Ty) is
considered for the evaluation of the floor relative
acceleration instead of the spectral relative nor-
malized acceleration (Ry(T;) — 1). (3) The ground
acceleration and the relative structural accelera-
tion are combined through the SRSS (Square
Root of the Sum of the Squares) combination
rule (Table 4 and Fig. 9).

KTA (2012)

The proposed expression does not give any infor-
mation to evaluate the floor acceleration (a,), but
it only defines the amplification shape (Rpggrs)
reported in Fig. 10 (left), where the f-axis is the
component frequency axis (in logarithmic scale)
and f1, f,,, and fiimi,, respectively, are (1) lowest
decisive eigenfrequency of the principal system

Secondary Structures and D5
Attachments Under

Seismic Actions: 20 |

Modeling and Analysis,

Fig. 9 Amplification

factor (S,) shape versus 151

Tns/Tn (2 =1.5,Ts = 1.6,

Rs=25) 10

p----\

’-u.oo-.o-no-oo'-

2495

at the lower limit value in the variation range of
the system parameters, however, not lower than
the rightmost corner frequency of the highest
plateau of the associated response spectrum;
(2) highest decisive eigenfrequency of the prin-
cipal system for the upper limit value in the
variation range of the component parameters,
however, not lower than the rightmost corner
frequency of the highest plateau of the associated
response spectrum; and (3) upper limit frequency
of the associated response spectrum.

The maximum value of the amplification fac-
tor is reported in Fig. 10 (right), where D and D,
are  respectively the  damping  ratios
(in percentage of critical damping) of structural
and nonstructural elements whose suggested
values are reported in Table 5.

In order to compare the obtainable FRS with
those previously discussed, the amplification fac-
tor (S,) is plotted in Fig. 11, having assumed (1) a
5 % damping for both structural and nonstructural

Secondary Structures and Attachments Under Seismic
Actions: Modeling and Analysis, Table 4 Values of
RFRS as function of Tns, Tn

Tns/Tn Rers
TstrN < 0.5 and 1.0
Tas/Tx > 2.0

2/3 < Tn/Tn < 3/2 A
0.5 <Tns/Tn< 1.5

2 < Tns/Tn

RN

i ‘°rr..-|-: T T n..ﬂ " trr..-n.q

1.0

------ Z/H=024 e= «=7/H=043 o= . z/H=0.62

1.5 2.0 2.5 3.0 3.5 4.0

z/H=0.81 z/H =1.00
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Secondary Structures and Attachments Under Seismic
Actions: Modeling and Analysis, Table 5 Suggested
damping values (in percent of critical damping). Column
A: to be adopted for verifying the load-carrying capacity
and integrity and for determining the spectra. Column B:
in the case of mechanically active components for which
the functional capability is verified by a deformation
analysis

Damping

ratios
Components A B
Pipes 4 2
Steel with welded connections and welded | 4 2

components (e.g., vessels, valves, pumps,

motors, ventilators)®

Steel with SL or SLP bolt connections 7 4
(SL — structural bolt connection with a

borehole tolerance < 2 mm; SLP — fitted

bolt connection with a borehole

tolerance < 0.3 mm)

Steel with SLV(P) or GV(P) bolt 4 2
connections (SLV(P) — preloaded fitted

bolt connection; GV(P) — fitted friction-

grip bolt connection)

Cable support structures 10° |7
Fluid media 0.5 |05

“If, on account of the design, deformations are possible
only in small regions of the structure (low structural
damping), the values as listed shall be halved (special
cases)

"In well-substantiated cases, the damping ratio may be
increased up to 15 %

elements, (2) the FEMA expression (see Eq. 11)
for the evaluation of the normalized floor accel-
eration, (3) f; = 6.66 Hz that is the rightmost
corner frequency of the acceleration plateau of
CEN (2008) type 1 Spectrum (A soil), and
(4) f, = 11.1 Hz that is the highest decisive
eigenfrequency of the principal system described
in the Case Study section.

z

Verification

As stated in KTA (2012), the verification process
has to regard (1) the load-carrying capacity in
terms of strength, stability, and secure position-
ing (e.g., their protection against falling over,
dropping down, impermissible slipping); (2) the
integrity, that is, the capability of a component
above and beyond its load-carrying capacity to
meet the respective requirements regarding leak
tightness and deformation restrictions; and (3) the
functional capability, that is, the capacity of a
system or component above and beyond its load
carrying capacity to fulfill the designated tasks by
way of its respective mechanical or electrical
function.
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Depending on the importance of the element
to verify and the material (conventional or
nonconventional material), the verification pro-
cess could include experimental tests either for
the validation of the numerical model or for the
qualification of the element itself. The verifica-
tion procedure can include a) analysis, b) physi-
cal experiments, and c) analogies and plausibility
considerations.

Based on the introduced classification that
distinguishes secondary element in structural
and nonstructural, the following criteria can be
defined:

1. Secondary structural elements have to be ver-
ified with regard to the vertical loads transmit-
ted from the P structure, opportunely
combined with the other action considered to
be contemporary to the seismic action. The
connections have to be verified with regard
to the seismic-induced action, including
second-order effects such as those induced
by the axial load in the deformed configuration
(P-A effects).

2. Secondary nonstructural elements have to be
verified with regard to the self-weight loads
opportunely combined with the other actions
considered to be contemporary to the seismic
action.

3. For both types of elements (S and NS ele-
ments), the action supposed to act contempo-
rary with the seismic action can be consequent
to different events such as those pertaining to
collisions, explosions, and fires.

The verifications have to consider potential
damage induced to other elements, which loss
of capacity could induce either human or
economic loss.

The verification is performed checking that
the element capacity will be greater than the
demand, defined in terms of different mechanical
properties  (stresses, forces, displacement)
depending on the adopted materials.

In order to define the design forces, the con-
sidered floor response acceleration spectra can be
reduced to take into account the nonstructural
element ductility. If the FRSs have been numer-
ically evaluated, they have to be modified (see
Fig. 12) to take into account the structural stiff-
ness uncertainties: (1) an adequate plateau has to
be imposed in correspondence of the structural
period, (2) the linear envelope has to be properly
introduced, and (3) the ductility of the
nonstructural element can be considered, prop-
erly reducing the FRS (see Fig. 12b, c).

Case Study

The previously described procedures to deter-
mine FRSs will be applied to a steel frame system
hosting a set of equipments, whose characteris-
tics and localization are reported in Table 6 and
Fig. 13 (left), reproduced from KTA (2012).
The maximum acceleration of each equipment
can be evaluated by means of (1) time histories
considering the interaction between the principal
structure and the equipment or (2) FRSs
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Attachments Under
Seismic Actions:
Modeling and Analysis,
Fig. 12 (a) Design spectra
definition. Shape
modification: alternative
solution. (b) Design spectra
definition. Design spectra
based on ABCDEF
spectrum. (¢) Design
spectra definition. Design
spectra based on
ABB’CDEF spectrum
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Secondary Structures and Attachments Under Seismic
Actions: Modeling and Analysis, Table 6 Equipment
mass (Ton) and period (sec)

Equipment Mass Floor Period
1 ﬂ 20 1 0.051
2 10 1 0.093
345 10 2 0.070
6 i 10 3 0.034
7 J:l_ 20 3 0.060
8 g 30 4 0.033
9,10 0.036

T 15 5

evaluated based on the previously described cas-
cade procedure or on the predictive expressions
already presented.

Time History-Based Evaluation of Equipment
Accelerations

A detailed model of the PS system could include
the secondary system modeled as reported in
Fig. 13 (right): PS principal modal shapes are
those reported in Fig. 14a. Alternatively equip-
ments can be modeled by means of mass lumped
at pertinent position of the floor as reported in
Fig. 13 (center): PS principal modal shapes are
those reported in Fig. 14b.

Both models have been analyzed by means of
time histories, carried out (1) generating
7 accelerograms compatible with the acceleration
spectra (PGA = 0.15 g) suggested in CEN (2008)
for B soil and low-magnitude events (M < 5.5)
(see Fig. 15), (2) considering a constant damping
value of 2 % for the structural model and for the
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equipments, (3) performing a dynamic modal TH
analysis evaluating, for each accelerogram, the
maximum absolute value of a given quantity
(acceleration), and (4) averaging the maximum
values obtained (at step 3) for each analysis.

If the detailed model with interaction (WI) is
considered, the evaluated quantities are the mass
accelerations of the single equipment.

Regarding to the lumped mass system, (1) for
each considered accelerogram, an FRS has been
generated (Fig. 16a): the FRS is relative to the
acceleration of the top left floor corner
(no sensible variations in FRSs have been
observed if other floor points are considered);
(2) having generated (for each floor) seven
FRSs, the averaged FRS has been evaluated
(Fig. 16b); and (3) for each equipment, depending
on the floor it is attached to and its period (Tys),
the acceleration has been evaluated through the
resulting FRS.

The results of the performed evaluation are
reported in Table 7 where the acceleration of
each floor and the acceleration of each equipment
are reported, calculated with or without
interaction.

Comparing the maximum acceleration evalu-
ated considering the PS system with those evalu-
ated through the cascade procedure, a significant
difference (if the Equipment 2 is concerned)
between the two approaches can be noticed: the
difference is aspectable since the equipment
period (0.093 s) is close to the period of the
third modal shape (0.090 s) so that (see
Fig. 16¢c) in a very small period range
(in between 0.09 and 0.1 s), the acceleration
ranges between 7.0 and 4.5 m/s — the already-
mentioned funing effect causes the equipment
acceleration reduction if the complete PS system
is analyzed in order to include the P-S interaction.

Analytical FRS-Based Evaluation of
Equipment Accelerations

It has been already outlined that CEN proposal
(CEN 2008) and FEM proposal (FEMA
369 2001) are based on a fixed value (5 %) of
structural and equipment damping. So that only
the proposal reported in AFPS (2007) and KTA
(2012) will be considered in the following.
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Secondary Structures and Attachments Under Seismic Actions: Modeling and Analysis, Fig. 13 Case study:
geometry (left) and models (center, right)

a

Mode 1 Mode 2

Secondary Structures and Attachments Under Seismic
Actions: Modeling and Analysis, Fig. 14 (a) Modal
shape: direct modeling of the equipment. Periods (sec):

Secondary Structures and
Attachments Under
Seismic Actions:
Modeling and Analysis,
Fig. 15 Target
acceleration spectrum
(PGA =0.15 g) and spectra
of the generated
accelerograms

Mode 3

RER R DA

0.48, 0.158, 0.121. (b) Modal shape: equipment modeled
as lumped masses. Periods (sec): 0.49, 0.159, 0.09
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Secondary Structures and
Attachments Under
Seismic Actions:
Modeling and Analysis,
Fig. 16 (a) Floor
Response Spectra
generations: scheme. (b)
Generated Floor Response
Spectra. (¢) Generated
Floor Response Spectra: 1°
Floor; Period range
0.07-0.1's
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Secondary Structures and Attachments Under Seismic It has to be specified that (1) concerning the
Actions: Modeling and Analysis, Table 7 Floor accel- gTA (2012) proposal, the floor acceleration eval-
eration (FA, m/sec?) and equipment acceleration evaluated ted b £ TH | Table 7) h
without (F_w/o) and with (F_w) interaction uated by means 0 analyses (se'e able 7) has
been considered and (2) concerning the AFPS

NlE II\ZF El;;)r acceleration ;l;S wio l;ljs W (2007) proposal, the FRSs have been evaluated
ERET 2:2 1 6: 5 3: 5 by means of Eq. 9, evaluating the spectral accel-
3 2 326 420 20 eration corresponding to the first structural period
4 2 326 420 40 (0.49 s) and a participation factor (I's) equal to
5 20 326 420 40 1.6 that correspond to o = 1.5 (see Eq. 10a).
6 |3° |365 370 38 It is clear (see Fig. 17a, b) that considering
7 130 1365 5.10 38 equipment periods close to the lowest structural
8 |4° |428 4.30 43 periods, the KTA proposed expressions are more
9 5% 525 5.3 5.3 conservative while the AFPS expressions are less
10 |5° |525 5.3 3.3 conservative (Tables 8 and 9).

Secondary Structures and a

Attachments Under 60 |

Seismic Actions:

Modeling and Analysis, 50

Fig. 17 (a) Generated
FRSs. Acceleration versus
period: (1) numerical
simulation and (2) AFPS
predictive equations
evaluated based on Eq.
9(a=15Tg=1.6,

Rg = 2.4). (b) Generated
FRSs. Acceleration versus
frequency: numerical
simulation and KTA
predictive equations
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Secondary Structures and Attachments Under Seismic
Actions: Modeling and Analysis, Table 8 Normalized
floor displacement

Floor MD z/H

1° 0.21 0.24
2° 0.45 0.42
3° 0.68 0.62
4° 0.87 0.81
5° 1.00 1.00

Secondary Structures and Attachments Under Seismic
Actions: Modeling and Analysis, Table 9 Equipment
(Eq) acceleration

Ng Nk AFPS KTA
1 1° 2.2 22.0
2 1° 2.2 34.0
34,5 2° 33 42.0
6 3° 3.7 22.0
7 3° 3.7 42.0
8 4° 4.3 25.0
9,10 5° 5.3 35.0
Summary

The chapter deals with the methodologies
focused on the seismic analyses of the so-called
secondary (sometimes attachments) elements
that are part of a construction whose seismic
resistance is delegated to a primary resistant
structure.

Although secondary elements can be
decontextualized from the primary resistant
structures, they will be subjected to seismic
action as well and, having their own structures,
need to be modeled and analyzed by means of
methods included in the general methodologies
proper of seismic branch.

Among the methodologies usually adopted for
secondary element analyses, the Floor Response
Spectra (FRS)-based analyses become popular
due to their recognized simplicity.

FRSs provide acceleration (consequently
velocity and displacement) to which the
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secondary element (with a given period and
damping) will be subjected to when attached
(from which the alternative name attachments
derives) to a given part of the structures such as
a building floor (from which the name Floor
Response Spectra derives).

Given that FRS generation could require oner-
ous numerical analyses, simplified expressions
are proposed in literature and discussed in the
following together with the general methodolo-
gies tailored to secondary element modeling and
seismic analyses.
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Introduction

Earthquake ground motion ranges in amplitude
from a few nanometers (e.g., for a distant earth-
quake or a local microearthquake) to several
meters close to the fault causing a big quake.
It is very difficult to record that wide range of
signals with a single type of instrument. Seis-
mometers are designed to be very sensitive for
detecting weak signals of ground motion and
have a response proportional to ground velocity
in a frequency band typically from 0.01 to
100 Hz. On the other hand, strong ground motion
instruments are in general less sensitive and may
manage on scale large ground motion amplitudes.
This strong ground motion may reach peak accel-
erations above 2 g (g is gravity acceleration) and
peak velocities higher than 3 m/s (Anderson
2010). The motion experienced at specific points
in a building or structure may be even higher.
Seismic accelerometers were developed for
recording on scale vibrations up to such range
of amplitude either on ground or in structures.
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Due to instrumental and practical reasons, the
preferred motion measure for strong ground
motion is acceleration, since the inertial force
acting on a structure due to a seismic action is
proportional to ground acceleration. Neverthe-
less, some strong-motion velocimeters are com-
mercially available, but their use is much less
widespread.

Weak motion from local small earthquakes or
moderate to strong earthquakes at regional or
large distances are studied fundamentally on
seismograms, proportional to ground velocity in
a wide frequency band. However, even for strong
motion, ground velocity and displacement are
also of interest: Ground velocity is directly
related to important parameters such as shake
energy or soil liquefaction potential and is linked
to damage on intermediate period structures and
buried pipelines (e.g., Akkar and Bommer 2007).
Ground displacement is significant for large
structures, where differential displacements may
cause damage, and from a seismological view, it
is proportional to seismic moment, a source
parameter defining the earthquake size. There-
fore, it is desirable that velocity and displacement
may be estimated from acceleration records.

Historical Overview

This section partly follows the review article by

Trifunac  (2009). See also “» Historical
Seismometer.”

Earlier attempts to record strong ground
motion were made with the so-called

seismoscopes (Fig. 1), most of which were lim-
ited to record the horizontal ground motion on a
(curved) surface without a time reference. These
instruments consisted of a pendulum, either nor-
mal or inverted, whose mass motion was drawn
on a curved surface (usually a smoked glass) by a
stylus.

As a result of the program of strong-motion
earthquake investigation of the US Coast and
Geodetic Survey and cooperative institutions
(McComb and Ruge 1937), the first instrument
designed to record the strong ground motion ver-
sus time was developed in the decade of 1930.
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Seismic Accelerometers, Fig. 1 Simplified schematics
of a seismoscope. A mass is suspended from the frame by

a wire, and a stylus writes the relative motion on a spher-
ical cap surface

This instrument was built with a mass suspended
on torsion wires, based on the Wood-Anderson
seismometer principle (known because it was
used by Richter to define his magnitude scale).
Damping was achieved — like for the Wood-
Anderson seismometer — using a conductive cop-
per mass in which the field of a permanent
magnet induced parasitic currents. A more robust
pivoted suspension and a spring were later incor-
porated. Recording was made on photographic
paper on a drum, with a “starter” system built
with an independent undamped pendulum clos-
ing an electric contact when a strong motion
occurred. A clock mechanism interrupted the
light beam to produce time marks on the record.
The first strong ground motion accelerograms
were obtained on three stations in 1933 from the
Long Beach earthquake (McComb and Ruge
1937).

With analog records and the computational
means available at that epoch, it was very difficult
to estimate displacement from acceleration.
Therefore, some seismometers with unity ampli-
fication and photographic recording were used to
obtain displacement records (see “‘» Passive
Seismometers”).

A remarkable effort was made to test these
first instruments with a shaking table to assess
the independent motion of the components, zero
shifts (instability of the mass rest position),
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parasitic vibrations (instrument vibration modes
different from fundamental), the ability to calcu-
late velocity and displacement from acceleration
records, and other features (McComb and Ruge
1937, Ruge and McComb 1943).

It was not until early 1960 that accelerographs
become commercially available. Around that
time the digital computation also made it possible
to calculate the velocity and displacement histo-
ries from the corresponding accelerograms.
In this decade, some seismic accelerometers
were still of torsion wire or inverted pendulum
types, but the first servo-accelerometers using the
concept of force balance appeared (Reasemberg
1969; Eisenberg and McEvilly 1971). This con-
cept (see later) is to apply a feedback force on the
mass to keep it at rest relative to the ground. So
the applied force is the mass times the ground
acceleration. The main advantages are improved
linearity and dynamic range (i.e., the relation
between the maximal non-clipped signal ampli-
tude and the minimal resolvable amplitude; see
later). Recording was analog on photographic
paper, but some prototypes used digital recording
(Reasemberg 1969). The first digitizers used,
however, had a too low resolution to match the
dynamic range of servo-accelerometers.

Following the period of photographic record-
ing, some models adopted analog recording on
magnetic tape using frequency modulation, but
digital recording was soon the norm due to its
better characteristics. Presently all high-
performance seismic accelerometers use force-
balance sensors and high-resolution digital
recording.

Basic Principles of Accelerometers

Seismometers and accelerometers are both based
on the inertia principle.

In Fig. 2, a schematic view of the well-known
passive damped oscillator is drawn. A mass m is
fixed to one end of a spring of elastic constant k.
The other end of the spring is fixed to a
frame anchored to the ground. The motion is
mechanically limited to the horizontal axis
shown. When the ground moves a displacement
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Seismic Accelerometers, Fig. 2 A schematic single
degree of freedom oscillator. A spring makes a force
proportional and opposed to the relative displacement of
the mass z(), and a dashpot damps this motion with a force
proportional to the relative velocity. The ground (and the
frame) displacement is u(¢)

u(t) with respect to some inertial frame, the mass
displacement is y(f) in this inertial frame, and
z(t) = y(¥) — u(¢) is the mass displacement rela-
tive to the instrument casing or the ground.
A dashpot represents a damping device
(usually magnetic) that acts on the mass with a
force proportional to its relative velocity. This
damping avoids the oscillation of the system
with its free period when it is excited. The two
real forces acting on the mass are the spring force
and the damping force, so the dynamics equation
is (Havskov and Alguacil 2010)

—k-z—d-Z2=m-y@t)=mli() + ()] (1)

It is useful to write the equation as a function of
the two coefficients experimentally measurable.
The free or natural angular frequency wg can be

defined as
k 2n
o \/; 7ifo Ty )

where T, is the suspension-free period and its
inverse fj is the natural frequency. The damping
coefficient or damping fraction 4 is

_d
a 26001’}1

3

Rearranging Eq. 1 then gives
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2(6) + 2harg - (1) + @ -z = —ii(t) (@)
Both wg and & can be measured, e.g., from the
system transient response or by exciting the sys-
tem with steady-state harmonics of frequencies in
a band including f;,. For low frequencies, the mass
velocity and acceleration terms in Eq. 4 are small,
so mass displacement z is then proportional to the
ground acceleration i.

The system response may be characterized in
the Laplace transform domain. Let Z(s) and U(s)
be the Laplace transforms of z(f) and u(¢). By
assuming null velocities and displacements at
initial time, the Laplace transform of Eq. 4
becomes

$2Z(s) + 2hwosZ(s) + i Z(s) = —s*U(s) (5)

The transfer function between the mass relative
motion Z and the ground acceleration s°U is then

Z(s) -1
s2U(s)  s% + 2hwos + w}

T.(s) =

(6)
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The explicit frequency response function is
obtained by substitution of s by iw in Eq. 6,
that is,

-1
—? + 2hwy - io + v

Hy(w) = )

For a sinusoidal motion of arbitrary frequency
f = o/2rn, the modulus of this complex function
represents the amplitude relation between the
mass relative motion z(#) and the ground acceler-
ation ii(¢), and its phase is the relative phase
between them. Both are plotted in Fig. 3 as func-
tions of frequency. The amplitude response is flat
for acceleration up to the corner frequency f, and
decays at higher frequencies as f ~~. The frequen-
cies of interest are usually in the flat zone, so the
instrumental correction for amplitude is simply a
constant factor. Observe, nevertheless, that the
phase response deviates from flatness even for
frequencies well under the natural frequency.
This response function is formally like the
response of a second-order low-pass filter with
cutoff frequency fo = wo/27.

AMPLITUDE RESPONSE

Fig. 3 Top: amplitude 1074
response of a mechanical
accelerometer for ground

acceleration. Bottom: phase

| J=EEEEE EEEES]

s 10°°
response. The free period is

Ty = 0.02 s (f, = 50 Hz)
and 7 = 0.70

cm/(cm/s?)

PHASE RESPONSE

DEGREES

T TTTTTT TTTTTT T T T T TTIIT T

FREQUENCY Hz
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Displacement Transducer

The mass motion has to be measured and
recorded by some device. In early accelerome-
ters, a light beam was reflected in a mirror which
rotated with the mass motion. Presently, almost
all seismic accelerometers use a capacitive trans-
ducer, which gives a voltage output proportional
to the mass displacement. This type of transducer
is very sensitive — it can resolve displacements of
the order of pm (10~° mm).

Two types of capacitive transducers may be
used: variable gap or variable area. The most used
arrangement, Fig. 4, is a pair of capacitors with a
common central moving plate and two fixed
plates or vice versa (variable gap). When the
central plate moves with the mass relative to the
fixed plates, one of the capacities increases and
the other decreases. The same happens with the
variable area type. An identical sinusoidal or

Seismic Accelerometers

difference, and the phase depends on the sign of
this difference. This may be demodulated with a
phase-sensitive demodulator (PSD) circuit.
While this is the most used technique, other
approaches are possible.

The output of the detector is proportional to
the capacitance difference. Let A be the
overlapping area between plates and d the dis-
tance (gap) between them. If d is much smaller
than the plate dimensions, the capacitance of a
parallel plane capacitor is

e-A
C="a &

where ¢ is the dielectric permittivity (for air
¢ = 8.85- 107 pF/mm). In the variable gap
transducer, for a displacement x of the central
plate, it may be easily shown that the capacitance
difference is

square signal with frequency of several kHz is 2
fed to each capacitor with opposite sign. The Ci-Cr=¢-A 4 — 2 (€
signal amplitude at the common point of both
capacitors is proportional to the capacitance which is not linear with x.
a VARIABLE GAP b VARIABLE AREA
CAPACITIVE TRANSDUCER CAPACITIVE TRANSDUCER
<« < » MOVING
MOVING FIXED PLATE
PLATE PLATES | |
FIXED —
PLATES
output

Seismic Accelerometers, Fig. 4 Schematics of variable
capacitance displacement transducers. (a) Variable gap.
As the central plate (red) moves right, the gap with the left
fixed plate (blue) increases (capacitance of left capacitor,
yellow, decreases), and the gap with the right plate (blue)
decreases (capacitance of the right capacitor, light blue,

increases). (b) Variable area. The effective area of each
capacitor (same colors as in a) varies in opposite sense
when the central plate (red) moves horizontally. The gap
is not at scale, since in practice it is very narrow in relation
to plate dimensions. (¢) Circuit schematics, see text
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CAPACITIVE TRANSDUCERS

Fig. 5 Normalized
sensitivity of capacitive
transducers of variable gap
(blue) and variable area
(red). A straight line is
plotted for reference
(dotted) with the slope of
the variable gap at the

100
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NORMALIZED SENSITIVITY
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origin
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Seismic Accelerometers, Fig. 6 Block schematic of an FBA

In a variable area transducer with plate overlap
dimensions a x b, the capacitance difference is
linear with the displacement x:

C1—C2:%-2b-x (10)

In Fig. 5, these functions — excluding ¢ — are
plotted for an overlapping area of
A = 100 mm? and gap distance of d = 1 mm
and 0.5 mm for variable gap and variable area,
respectively. Two features are clear: variable gap
type is more sensitive but nonlinear, and variable
area type is less sensitive but linear.

Variable gap transducers are often used in
feedback systems, like force-balance accelerom-
eters, since the mass displacement is held very
small — within the linear zone — by the servo
control.

Variable area transducers are used in some
micro-electro-mechanical (MEM) accelerome-
ters (see later) without feedback.

The Force-Balance Accelerometer (FBA)

Most present seismic accelerometers are of the
force-balance type. The principle is to apply a
feedback force on the inertial mass opposed to
its motion, in such a way that this motion is
reduced to a minimum. A simplified block sche-
matic is shown in Fig. 6.

The ground acceleration produces an inertial
force on the mass, like in the basic passive accel-
erometer of Fig. 1. The relative mass motion z is
sensed with a displacement transducer, whose
output is amplified, with a total factor D (volt/
meter, V/m). The amplifier output v, is applied
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Seismic Accelerometers, Fig. 7 Several responses relative to ground acceleration. See text. Note the different units

for each curve

through a resistor R to a force transducer
(normally a coil-magnet system) with constant
¢ (newton/ampere, N/A). The feedback force
—c - v,/R = —c-A -z /R is then applied to the
mass. Equation 1 has now to be modified to

—k-z—d-z'—%-z:m[ﬁ(t)+5(I)] an

It is clear that the effect of feedback is to increase
the effective stiffness of the system from k to
k+ D - c¢/R. Arranging terms of Eq. 11 to get
the form of Eq. 4, it is found that with feedback,
a new effective “free” angular frequency is wy

© \/k+D'c/m\/w2+D-c
F= m B O R-m

which is higher than the “open-loop” free angular
frequency wy.

On the other hand, the new damping coeffi-
cient with feedback /,is decreased to

12)

o
hf = h—
' wy

13)

This is not desirable, since a low damping will
produce a ringing transient response or even an
unstable system. The frequency response (Fig. 7)
has the same form as Eq. 7, but in this case it will
show a resonance peak.

Actually, the phase-sensitive demodulator
(PSD) associated with the displacement trans-
ducer will often include a low-pass filter at fre-
quencies above the seismic band, thus
introducing an additional phase delay in
this band.

Some additional circuitry is then required to
improve the transient response and prevent a
possible self-oscillation of the servo system. Sev-
eral techniques for this are possible. A simple one
consists of including a second feedback loop to
add a small force proportional to the time deriv-
ative of the mass displacement, i.e., the mass
velocity. This allows the feedback force to con-
trol the mass motion “in advance,” and the servo
loop is stabilized.

Figure 7 shows the responses relative to
ground acceleration of several systems and out-
put points of the systems. An under-damped
mechanical accelerometer (without feedback
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force) is drawn in curve a, in this example with a
free oscillation frequency of 10Hz. Curve
b corresponds to an FBA built with this system
by adding a displacement transducer and a feed-
back force proportional to the mass displacement,
which increases the resonance frequency. The
damping is still too low and a strong resonance
peak at 200 Hz appears. Curve ¢ shows the volt-
age output response for the same FBA once sta-
bilized by the addition of a small feedback force
proportional to the mass velocity. Curve d shows
the feedback acceleration response (i.e., the feed-
back force per unit mass), which is nearly equal to
the ground acceleration (so the amplitude
response is 1) up to the frequencies around the
resonance, where the feedback force needs to be a
little higher to stabilize the motion. Curve e plots
the mass motion response measured in microns
(um) relative to ground acceleration in m/s”. It is
approximately 0.6 in the useful band, so a ground
acceleration of 1 g will produce a mass motion of
98m-s2-0.6um/(m-s %)~ 6 pum, a very
small displacement, for which the capacitive
transducer will be quite linear.

It is also illustrative to view the transient
response of the FBA (Fig. 8). The input is a
simulated ground acceleration pulse of 1 m/s
and with duration of 50 ms. It can be seen that
the output voltage has only a small overshot, due
to the compensation circuit in the feedback. So,
there is an unavoidable small distortion affecting
the higher frequencies, like any instrument with a
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limited bandwidth, but this will not affect the
band of interest. The feedback acceleration has
a little overshoot to counteract the resonance and
keep the mass as stationary as possible. The mass
displacement is also shown (with sign changed)
and has an amplitude about 0.6 pm, as predicted
by the frequency response in Fig. 7.

The FBA principle is the basis not only of
servo-accelerometers but also of » broadband
seismometers (BB). These instruments have a
flat frequency response for ground velocity in a
band from ~0.01 to several tens of Hz. The feed-
back loop keeps the mass almost at rest relative to
the ground, but the signal is integrated in the loop,
and the output is taken from a point where it is
proportional to ground velocity in a wide band.
For more details, see the entry “» Principles of
Broadband Seismometry.”

Characteristic Parameters of
Accelerometers

The performance of a seismic accelerometer may
be characterized by several parameters.

Sensitivity: The relation between the voltage
output and the input acceleration in V/m/s* or V/g
(gravity normal acceleration = 9.807 m/s?).
Typical values are 0.5-5 V/g.

Input Full Scale (FS): The maximum ground
acceleration before the instrument gets saturated.
A large FS prevents saturation with strong ground

—— output voltage V
—— feedback acceleration m/s?
------- input acceleration m/s?

! —— mass motion micron

Seismic Accelerometers, 1.5 .
Fig. 8 Transient response
of the example FBA
(Fig. 7) for a pulse in
acceleration input of 1
Im-s?
0.5
g
-0.5

HiWa's
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motion but at a cost of sensitivity. In general, for
accelerometers to be installed in zones where
large ground motion is expected, FS should be
2-4 g, but in low-moderate seismicity areas,
0.5—1 g would be suitable. Nevertheless, it should
be kept in mind that some of the largest peak
ground motions ever recorded (up to 4.36 g for
Iwate-Miyagi 2008 earthquake; Yamada
et al. 2009) have been produced by moderate-
size earthquakes (Anderson 2010). Some accel-
erometers allow user setting its FS.

Resolution: It is the minimum acceleration
amplitude that it may measure. In early acceler-
ometer digital recorders, it was limited by the
digitizer (A/D converter) resolution. In modern
instruments, the digitizer is usually 24 bit, and the
resolution is related to the self-noise level of both
the accelerometer and the digitizer. So it is usu-
ally given as self-noise level, or it may be
obtained from the dynamic range. Good-quality
accelerometers have noise levels under 1 pm/s”
rms (root mean square).

Dynamic Range: The relation (expressed in
decibels, dB) between the maximum acceleration
amplitude (FS) and the resolution. A ratio
between two amplitudes a; and a, expressed in
dB is 20 - log(a,/a,); for energy or power ratios,
a factor 10 instead of 20 is used. The best
accelerometers now have a dynamic range up to
more than 150 dB, which means a ratio
105929 5 30 . 10°, but most instruments
achieve 120-140 dB.

MEMS Accelerometers

The same principles described so far are valid
regardless the size of the accelerometer, but
accelerometer sensors of micrometric size have
specific characteristics, so a brief description
follows.

Originally, the aim of reducing the size of
accelerometer sensors was due to the manufactur-
ing of integrated accelerometers for industry and
navigation (airborne) applications. The space
exploration requirements, among other applica-
tions, led to the adaptation of some of the
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techniques of manufacturing integrated circuits
to the production of very lightweight and
low-power-sensitive accelerometers.

In recent years, the industry has found a large
number of consumer applications for this kind of
accelerometers. This has led to the development
of micro-sized, light and low-power sensors, suit-
able for mass production and thus inexpensive.
These are the micro-electro-mechanical system
(MEMS) devices. MEMS accelerometers are
used for automotive industry (e.g., for air-bag
triggering), inertial navigation, medical applica-
tions, game consoles, cellular phones, tablets and
laptops, etc. Most of these devices have a poor
performance for seismic recording, but a few
commercial models are suitable for
low-resolution strong ground motion recording
and earthquake early warning (EEW) systems or
for triggering shutoff procedures on critical facil-
ities (trains, gas valves, lifts, critical machinery)
in case of a strong earthquake (e.g., Yanada et al.
2002). Furthermore, some seismic instrumenta-
tion companies have developed MEMS acceler-
ometers for seismic-grade recorders with
comparable performance of conventional sen-
sors. The idea is to build the mass-spring system
within the multilayer structure of an integrated
circuit (Fig. 9), using the same techniques as for
electronic components and circuits.

The internal noise of a spring-mass system is
due to the thermal-mechanical coupling by
means of the damping dissipative forces. For
instance, the air molecules interchange kinetic
energy with the mass, which then “dances” ran-
domly with a Brownian motion.

It may be shown (e.g., Aki and Richards 2002;
Havskov and Alguacil 2010) that this noise is
proportional (Eq. 14) to the mechanical damping
coefficient 4 (not included the feedback effect)
and inversely proportional to the susgended mass.
The power spectral density (PSD) Z, of the mass
acceleration noise (the PSD 1ntegrated between
two frequencies gives the noise variance in this
band) is

ZZ _ SkBT

n

haog (14)
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Seismic Accelerometers, Fig. 9 Principal elements of a
MEMS (micro-electro-mechanical system) accelerometer
with capacitive transducer. The mass is the upper mobile
capacitor plate which can rotate around the torsion bars.
The displacement, proportional to acceleration, is sensed

where kg is the Boltzmann constant
(1.38 - 1072 J/K), T is Kelvin temperature,
m the suspended mass, & the mechanical damping
coefficient, and wg the free angular frequency.
This equation explains why a good part of the
effort in improving MEMS accelerometer noise
is focused (Walmsley et al. 2009) in increasing
the proof mass and reducing damping.

Thus, for a micro mass, the open-loop
damping should be kept as low as possible for
an acceptable noise level at ambient temperature.
High-purity silicon spring elements are almost
perfectly elastic, and the spring is operating in
vacuum to avoid air damping, so the mechanical
damping can be held quite low.

Several strategies have been tested in proto-
types for sensing the mass motion. Most commer-
cial devices use some kind of variable
capacitance. Other sensing designs are based on
tunnel effect, optical diffraction and interferom-
etry, piezo-resistivity, piezoelectricity, reso-
nance, or electrochemical phenomena. Very
small capacitive transducers are not practical in
general, since the circuitry parasitic capacitances
make the relative changes too small. Neverthe-
less, these parasitic capacitances may be reduced
to a minimum in MEMS devices, since the asso-
ciated circuit is integrated within the same chip
(see, for instance, Li et al. 2001).

with the variance in the capacitance. For high-sensitive
applications, a feedback circuit is added which controls a
restoring electrostatic force, thus making an FBA. The
size of the sensor above is about 2 mm (Figure from
www.silicondesigns.com/tech.html)

The two capacitive techniques described
above are used: variable gap between plates and
variable area. The first is quite nonlinear and
usually requires electrostatic feedback to linear-
ize the transducer response. Recently, electro-
magnetic feedback has also been proposed for
MEMS accelerometers (Dwyer 2011). On the
other hand, the variable area technique is more
linear, and some devices using it operate in open-
loop mode (e.g., Homeijer et al. 2011). Figure 10
shows a possible arrangement for a MEMS
accelerometer.

MEMS sensors are now made with electro-
chemical sensors (Deng et al. 2013) with a noise
PSD of 0.1 (um/s?)/yHz or 10 ng/yHz at 1 Hz, so
these sensors could be used at medium noisy sites.

All of these devices have two distinct parts
within the same package: the mechanical sensor
and the associated electronics, typically
implemented by an ASIC (application-specific
integrated circuit). Some commercial models
have a sigma-delta modulator (a device yielding
a sequence of logical pulses whose average value
is proportional to its analog voltage input)
included (see “» Recording Seismic Signals™),
and so its output is a pulse-density digital signal,
able to be directly interfaced to a microcontroller
or computer. The integrated MEMS has to be


http://dx.doi.org/10.1007/978-3-642-35344-4_182
www.silicondesigns.com/tech.html
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Seismic Accelerometers,
Fig. 10 A possible
arrangement of the mass,
spring, and capacitor plates
in a MEMS accelerometer.
All elements are in a layer a
few microns thick

< - B

mounted in a printed circuit board (PCB) with
some more electronics, at least a power supply
unit, and optionally assembled in a casing with
connectors, able to be fixed to another element.
This assembly has to be rigid enough not to
introduce parasitic resonances in the seismic
band. Including electronics and housing, the
total weight of these sensors might be around
0.1-0.5 kg. The sensor chip itself typically
weights less than 1 g.

The (US) Working Group on Instrumentation,
Siting, Installation, and Site Metadata of the
Advanced National Seismic System (ANSS
2008) defined four classes of strong-motion
stations — A, B, C, and D — in terms of perfor-
mance. Class A has the highest performance, with
resolution better than 7 pg and broadband
dynamic range > 111 dB (>20bit). Class B has
aresolution between 7 and 107 pg and a dynamic
range 87—111db (or 16-20bit). Class C resolution
is 107-1,709 pg and dynamic range 63-87 dB
(12-16bit). Class D has poorer performance than
C. Currently (2014) there are no commercial
MEMS accelerometers that fulfill the class
A specifications, which are only met by classical
macroscopic FBA devices. One of the reasons is
the difficulty of achieving low noise levels with a
so small suspended mass.

Several manufacturers use MEMSs for
accelerograph recorders with class B perfor-
mance, e.g., GeoSIG GMS-18 (www.geosig.

FRAME

CAPACITOR
PLATES

LEAF SPRING

com/productfile.html?productid=10319). And
some MEMS manufacturers offer class B accel-
erometers, e.g., Silicon Designs 1221 (www.
silicondesigns.com/pdfs/1221.pdf) has typical
noise PSD of 5 pug/vHz — an rms noise of 50 pg
over 100 Hz bandwidth. Recent designs
(Homeijer et al. 2011) report noise levels under
100 ng/YHz or even 10 ng/VHz above 1 Hz
(Milligan et al. 2011) with new capacitance trans-
ducers operating without feedback. These perfor-
mances make it even suitable for use as
exploration sensors, substituting geophones.

Class C devices are cheaper and mostly used
in consumer products. Those models with stable
response and enough bandwidth may be suitable
to be applied in seismic strong ground motion
monitoring, for instance, instrumental intensity
estimation (shake maps), structural response,
earthquake early warning, and shut off of critical
facilities.

As an example of this class of sensors, Fig. 11
shows a MEMS triaxial accelerometer LIS
344 ALH (www.st.com/web/en/catalog/
sense_power/FM89/SC444) from STMicroe-
lectronics mounted on a small printed circuit
board, which is sold as an evaluation board, since
hand soldering the chip for prototyping is quite a
difficult task. This chip accelerometer has a user-
selectable full-scale +2 g or £6 g and comes with
factory-trimmed sensitivity and offset. Its band-
width may be selected by an external capacitor.


http://www.geosig.com/productfile.html?productid=10319
http://www.geosig.com/productfile.html?productid=10319
http://www.silicondesigns.com/pdfs/1221.pdf
http://www.silicondesigns.com/pdfs/1221.pdf
http://www.st.com/web/en/catalog/sense_power/FM89/SC444
http://www.st.com/web/en/catalog/sense_power/FM89/SC444
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Seismic Accelerometers,
Fig. 11 A MEMS triaxial
accelerometer LIS

344 ALH from
STMicroelectronics
(center) mounted in a small
printed circuit with the
minimal external
components

Seismic Accelerometers,
Fig. 12 Upper,
accelerogram obtained with
a class B accelerograph
from an earthquake of
moment magnitude
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Figure 12 plots a small local earthquake
recorded by a standard accelerometer and the
simulated record with this sensor, using its real
noise. The MEMS sensor shows a higher noise,
but a useful signal is still available.

A comparative test of these sensors (Evans
et al. 2014) shows that some of them could be
very useful for low-cost seismic networks. Some
models have performances suitable for strong
ground motion recording with acceptable SNR
to be used as class C seismic accelerometers.

Accelerometer Examples

Many seismic accelerometers commercially avail-
able are sold assembled with the corresponding

recorder in a case, which is called an accelerograph.
Some of them may be acquired separately, with an
analog voltage output for each axis. For earthquake
recording, the standard is a triaxial instrument.
Practically all the recorders have GPS synchroni-
zation of internal clock. Some models have the
possibility of Internet timing, for sites where GPS
signal cannot be received.

Most accelerograph manufacturers offer sev-
eral models with different performance and price.
The models shown below are just examples and
may not be representative of the best instrument
offered by each company.

Figure 13 shows one of the accelerometers
with highest dynamic range, the EpiSensor
from Kinemetrics (www.kinemetrics.com/p-87-
EpiSensor-ES-T.aspx), a triaxial FBA with


http://www.kinemetrics.com/p-87-EpiSensor-ES-T.aspx
http://www.kinemetrics.com/p-87-EpiSensor-ES-T.aspx
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Seismic Accelerometers,
Fig. 13 The EpiSensor
accelerometer from
Kinemetrics. Left, surface
sensor package. Right, the
case is removed to show the
components

Accelerometers, 14 The Etna

Seismic
accelerograph from Kinemetrics with its lid removed. It
has an internal triaxial accelerometer (EpiSensor). The
hermetic case is made of fiberglass

Fig.

full-scale selectable up to =4 g. Also available is
a uniaxial and with different packages, including
borehole. It may be mounted inside a compact
accelerograph package like Etna model (Fig. 14).
This robust accelerograph model has been in the
market for many years, so, in spite of the good
accelerometer inside, its performance as recorder
(dynamic range, communication interface, data
storage) does not fully match the sensor specifi-
cations, and it may be considered a class
B accelerograph. The same manufacturer offers
new recorder models with higher performance.
Giralp Systems (www.guralp.com/products/
instruments/cmg-5) CMGS5 (Fig. 15) is an FBA

Seismic Accelerometers, Fig. 15 CMG 5TD from
Giiralp Systems. This model can include a recorder and
an Ethernet interface. The photo shows a unit installed in
an underground gallery with the mounting base anchored
to the concrete ground

with high dynamic range that can be supplied
with built-in digitizer, recorder, and communica-
tion facilities. It is a class A accelerograph.
A borehole version is also available.

Figure 16 shows Nanometrics Titan (www.
nanometrics.ca/products/titansma). It is one of
the newest class A accelerographs, with internal
FBA and high dynamic range in a very compact


http://www.guralp.com/products/instruments/cmg-5
http://www.guralp.com/products/instruments/cmg-5
http://www.nanometrics.ca/products/titansma
http://www.nanometrics.ca/products/titansma
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Seismic Accelerometers, Fig. 16 Nanometrics Titan
accelerograph. Its size is approximately 18 x 12 x 10 cm

Seismic Accelerometers, Fig. 17 FBA with MEMS
technology AC-43 from GeoSIG. It weights 2 kg and its
size is 19 x 11 x 9 cm (Figure from GeoSIG (www.geosig.
com/AC-4x-1d10357.html))

package. It has a web interface and can store data
in a removable SD memory card.

Finally, two accelerometers with MEMS tech-
nology will be shown. In Fig. 17, the GeoSIG
AC-43 (www.geosig.com/AC-4x-id10357.html)
is a triaxial FBA with class B performance when
mounted inside or connected to a recorder, such as
the GSR-18, from the same company. The model
148-01 “QuakeRock” from REFTEK (Fig. 18)

Seismic Accelerometers, Fig. 18 The REFTEK 148-1
“QuakeRock” accelerograph, with MEMS sensor (Photo
from REFTEK (www.reftek.com/products/motion-
recorders-148-01.htm))

is a class C accelerograph with only event record-
ing (not continuous) and limited dynamic range
but may operate unattended for 2 years with two
“D” size batteries. The internal clock is free run-
ning (no GPS).

Accelerograph Installation

Two kinds of accelerometer or accelerograph
installations are possible: (a) free-field installa-
tion and (b) structural-monitoring installation.
The purpose of the first is to record the ground
motion unaffected by man-made structures. The
acceleration records obtained from this kind of
stations may be considered the base-level excita-
tion of any building or structure in the zone, if the
building itself does not interact with the ground at
the station. The second type is an accelerograph
in a building or engineering structure at different
levels and positions to study and monitor the
structure vibrations in response to ground seismic
motions.

The main consideration is that the installation
setup should not affect the accelerograph records.


http://www.geosig.com/AC-4x-id10357.html
http://www.geosig.com/AC-4x-id10357.html
http://www.geosig.com/AC-4x-id10357.html
http://www.reftek.com/products/motion-recorders-148-01.htm
http://www.reftek.com/products/motion-recorders-148-01.htm
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For free-field stations, it is usual to build a small
concrete pier on which the accelerometer
(or accelerograph if the sensor is inside it) must
be firmly anchored so a strong motion cannot
move the instrument relative to ground! Most
commercial instruments include a suitable base
with anchoring holes or a similar system. Other
materials for pier, like a table made with steel
bars, are not suitable since it may resonate
with very low damping in the seismic band of
interest.

Free-field accelerographs should not be close
to tall buildings that may modify the ground
motion in their proximity. Actually some
accelerograph stations are installed at the base-
ment of buildings and are considered as free-field
but may not truly fulfill this condition, due to the
soil-structure interaction.

If the free-field installation is to be done on
soil, the pier should have a suitable foundation to
assure that it is well coupled to the ground, but
not being so heavy as to modify the local soil
dynamic response substantially. Free-field
accelerographs must be protected with a cover
or small hut from the weather. Provisions have
to be made for power supply, GPS antenna, and
communication, usually Ethernet via cable, sat-
ellite link, or cellular modem. And a fence around
the installation would protect it from animals,
human-made noises, and eventually vandalism.
Accelerographs are not very sensitive to weak
motions, but modern high-resolution instruments
are capable of detecting human activity such as
traffic or machinery working at short distance, so
this kind of noise should be avoided as far as
possible.

Structural-monitoring installations are usually
done under cover, and additional weather protec-
tion is not required, but the instrument may have
to be protected from human activity or other
disturbances. Normally a pier is not required,
since the sensor may be anchored directly to a
structural element. GPS reception for time syn-
chronism may be a problem if the station is far
from the open sky (e.g., in a dam gallery), but
there exist technical solutions: e.g., a GPS
receiver may be outside, and the signal is
“repeated”; the accelerograph may be

Seismic Accelerometers

synchronized via Ethernet or the accelerometer
is installed on the site, and the recorder is sepa-
rately installed near the open sky so the GPS
antenna can be placed outside.

Summary

Seismic accelerometers sense the ground or
structure seismic vibrations and, together with a
suitable recorder, are called accelerographs. Most
modern seismic accelerometers are of force-
balance type (FBA), a servo system in which a
feedback force is applied to the suspended iner-
tial mass to keep its motion as small as possible.
This improves the instrument linearity and
dynamic range. Usually the mass motion is mea-
sured by a sensitive capacitive transducer.

MEMS  accelerometers are integrated
micromachined  electromechanical  devices
widely used in industry that presently do not
match the classical FBA performance, but are
useful for some seismic applications.

Examples of commercial seismic accelerome-
ters and accelerographs and some brief guidelines
for the installation of free-field and structure-
monitoring accelerographs are given.
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Seismic Actions Due to Near-Fault
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Synonyms

Damping coefficient; Forward directivity; Near
field; Near source; Permanent translation (fling);
Response spectrum; Seismic ground excitation;
Strength reduction factor; Time history

Introduction

Near-fault seismic ground motions are frequently
characterized by intense velocity and displace-
ment pulses of relatively long duration that
clearly distinguish them from typical far-field
ground motion records. This observation, along
with its engineering significance, was first made
with respect to the CO2 record (Fig. 1a) generated
by the 1966 Parkfield earthquake at a distance of
only 80 m from the fault break (Housner and
Trifunac 1967). The damage that the Olive
View Hospital sustained during the 1971 San
Fernando earthquake was also attributed to the
effect of near-fault ground motions on flexible
structures (Bertero et al. 1978). That was perhaps
the first time that earthquake engineers linked the
structural damage caused by an earthquake to the
impulsive character of near-fault ground motions
(Fig. 1b). However, it was not until the 1994
Northridge and the 1995 Kobe earthquakes that
the majority of engineers recognized the destruc-
tive potential of near-fault ground motions and
started considering methods to incorporate near-
source effects into engineering design. Code pro-
visions have historically been developed based
on recorded ground motions not sufficiently close
to the causative fault. Thus, the effect of near-
fault pulse-like ground motions on the dynamic
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Seismic Actions Due to Near-Fault Ground Motion,
Fig. 1 Characteristic examples of near-fault pulse-like
ground motion records: (a) Station No. 2 (C02) record
from the 1966 Parkfield, California, earthquake and (b)

response of engineering structures has received
much attention over the past two decades.

This entry focuses on the description of seis-
mic actions due to near-fault ground motions with
particular emphasis on the following topics:
(1) characteristics of near-fault ground motions,
(2) effect of fault rupture parameters on near-
fault seismic excitations, (3) synthesis of near-
fault ground motion time histories for earthquake
engineering applications, and (4) derivation of
response spectra, strength reduction factors and

Pacoima Dam (PCD) record from the 1971 San Fernando,
California, earthquake (Reprinted from Mavroeidis and
Papageorgiou (2003). Copyright © 2003 Seismological
Society of America)

damping coefficients for engineering analysis
and design in the near-fault region. The material
presented in this entry is primarily based on pre-
vious articles published by the author and Profes-
sor Apostolos S. Papageorgiou and is presented in
a manner that provides established knowledge in
the disciplines of engineering seismology and
earthquake engineering to technically inclined
and informed readers. It should be emphasized
that this entry does not intend to be a specialized
research article advancing the current state of
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Fig. 2 Characteristic examples of forward and backward
directivity from the 1992 Landers, California, earthquake

knowledge or a review article summarizing the
vast amount of archived research literature on the
subject.

Characteristics of Near-Fault Ground
Motions

Not all ground motion time histories recorded at
stations in the vicinity of a fault exhibit intense
velocity pulses. The existence of pulse-like
ground motions in near-fault records primarily
depends on the relative position of the station
that recorded the motion with respect to the direc-
tion of propagation of rupture on the causative
fault plane and on the magnitude and direction of
slip on that segment of the fault that is located in
the vicinity of the station. Whenever these ground
motion pulses do occur, they are typically caused
by the forward directivity and/or permanent
translation (fling) effects.

Forward directivity occurs when the fault rup-
ture propagates toward a site with a rupture
velocity that is approximately equal to the shear
wave velocity. In this case, most of the energy
arrives coherently in a single, intense, relatively
long-period pulse at the beginning of the record
representing the cumulative effect of almost all
the seismic radiation from the fault. Forward
directivity pulses are polarized in the fault-
normal direction for both strike-slip and dip-slip

2521
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(Reprinted from Mavroeidis and Papageorgiou (2002).
Copyright © 2002 Earthquake Engineering Research
Institute)

faults. Figure 2 illustrates a characteristic exam-
ple of forward directivity from the 1992 Landers
earthquake. The fault rupture propagated to the
north along the indicated strike-slip fault. The
fault-normal velocity and displacement time his-
tories recorded at Lucerne Valley (LUC) station
(which is located in the forward direction with
respect to the propagation of rupture) are charac-
terized by intense pulse-like motions. In contrast,
the ground motion recorded at Joshua Tree (JSH)
station (which is located in the backward direc-
tion with respect to the propagation of rupture) is
relatively weak.

Permanent translation (fling) is a consequence
of permanent fault displacement due to an earth-
quake; it appears in the form of step displacement
and one-sided velocity pulse in the strike-parallel
direction for strike-slip faults or in the strike-
normal direction for dip-slip faults. In the latter
case, directivity and permanent translation
effects “build up” in the same direction. Figure 3
illustrates characteristic examples of permanent
translation (fling) from the 1999 Izmit earth-
quake. The fault-parallel velocity and displace-
ment time histories recorded at Yarimca (YPT)
and Sakarya (SKR) stations are affected by the
permanent displacement along the right-lateral
strike-slip North Anatolian Fault.

Even though emphasis has traditionally been
given to the investigation of forward directivity
and permanent translation (fling) effects, other
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Fig. 3 Characteristic examples of permanent translation
(fling) from the 1999 Izmit, Turkey, earthquake

conditions may also give rise to near-fault pulse-
like motions. A comprehensive review of the
factors that influence near-fault ground motions,
along with a detailed list of references on the
subject, has been presented by Mavroeidis and
Papageorgiou (2002, 2003). Figure 4 illustrates
a large number of actual near-fault ground
motion records with “distinct” velocity pulses.
These records are part of the near-fault ground
motion database compiled by Mavroeidis and
Papageorgiou (2003). It is evident that the pulse
duration (or period), the pulse amplitude, as well
as the number and phase of half cycles are the key
parameters that define the waveform characteris-
tics of the near-fault velocity pulses.

Effect of Fault Rupture Parameters on
Near-Fault Ground Motions

The effect of fault rupture characteristics on near-
fault ground excitations has been investigated by
Mavroeidis and Papageorgiou (2010) using
a kinematic modeling approach. In order to asso-
ciate fault rupture characteristics (such as slip,
rupture velocity, and state of stress) with near-
fault ground motions, four well-documented seis-
mic events (1979 Imperial Valley, 1985
Michoacan, 1989 Loma Prieta, and 1999 Izmit)
were considered along with the concept of iso-
chrones. An isochrone is the locus of all those
points on the fault plane, the radiation of which
arrives at a certain observer at a specified time.

(Reprinted from Mavroeidis and Papageorgiou (2002).
Copyright © 2002 Earthquake Engineering Research
Institute)

Isochrones are frequently used in seismology to
provide intuitive insight into factors that strongly
influence the generation of strong ground
motions. By plotting the S-wave isochrones on
the fault plane of the investigated seismic events,
the long-period velocity pulses of the near-fault
ground motions can be directly associated with
specific regions and characteristics of the fault
rupture.

The results indicated that the seismic energy
radiated from the high-isochrone-velocity region
of the fault arrives at the receiver within a time
interval that coincides with the time window of
the long-period ground motion pulse recorded at
the site. Furthermore, the near-fault ground
motion pulses are strongly correlated with large
slip on the fault plane locally driven by high
stress drop. In addition, the local rupture velocity
seems to be inversely correlated to the spatial
distribution of the strength excess over the fault
plane confirming findings of previous studies
(e.g., Bouchon 1997). As an example, Fig. 5 illus-
trates time histories of near-fault ground motions
and S-wave isochrones for selected stations of the
1979 Imperial Valley earthquake. These stations
are located close to the ruptured fault where the
effect of forward directivity was pronounced.
The spatial distribution of the static slip offset
and rupture time inferred by Archuleta (1984)
and the spatial distribution of the static stress
drop and strength excess calculated using the
methodology proposed by Bouchon (1997) are
also illustrated.
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Seismic Actions Due to Near-Fault Ground Motion, Fig. 4 Strong motion records with “distinct” velocity pulses
(Reprinted from Mavroeidis and Papageorgiou (2003). Copyright © 2003 Seismological Society of America)

Finally, it was found that for various events,
the area of the fault that contributes to the forma-
tion of the near-fault pulse encompasses more
than one patch of significant moment release
(subevent) (e.g., 1979 Imperial Valley, 1989
Loma Prieta). This observation explains why
a dislocation model with average properties
(i.e., slip, rise time, etc.) reproduces successfully
near-fault ground motions for strike-slip faults
and for dip-slip faults with intermediate-to-large
earthquake magnitudes. However, for very large
earthquakes, such as megathrust events on sub-
duction zones (e.g., 1985 Michoacan), the fault
region that contributes to the pulse formation

encompasses individual subevents, and, conse-
quently, crack-like slip functions (rather than dis-
location models) may be more appropriate for the
simulation of the near-fault ground motions. The
interested reader may find a detailed discussion in
Mavroeidis and Papageorgiou (2010).

Time Histories of Near-Fault Ground
Motions

The advent of performance-based earthquake
engineering, the growth of computer processing
power, and the associated increased availability
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Fig. 5 Recorded (black trace) and synthetic (gray trace)
near-fault ground motion time histories and S-wave iso-
chrones for selected stations of the 1979 Imperial Valley,
California, earthquake. Tomographic images of the static

distance along strike (km)

slip offset, rupture time, static stress drop, and strength
excess are also illustrated (Reprinted from Mavroeidis and
Papageorgiou (2010). Copyright © 2010 Seismological
Society of America)
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of structural analysis software have made possi-
ble the performance of sophisticated nonlinear
structural analysis on a routine basis. However,
the overall seismic performance-based assess-
ment of a given structure hinges on the use of
realistic earthquake ground motions that reflect
the seismic hazard at the site of the structure, as
well as the local site conditions (Halldorsson
et al. 2011).

In general, earthquake engineers have the
following options for selecting ground motion
input when performing nonlinear structural
analysis in the near-fault region: (1) use actual
records of near-fault ground motion, (2) gener-
ate synthetic records of near-fault ground
motion using physical models of the seismic
source, and (3) generate synthetic records of
near-fault ground motion using phenomeno-
logical models.

Recorded Near-Fault Ground Motions
The gradually increasing number of recorded
near-fault ground motions has recently enabled
strong motion seismologists to compile these
records in publicly available ground motion data-
bases (e.g., Pacific Earthquake Engineering
Research Center Ground Motion Database, Cen-
ter for Engineering Strong Motion Data, Euro-
pean Strong Motion Database, among others).
Even though the number of near-fault records is
still limited, they have served as an invaluable
resource to earthquake engineers. Researchers
have also proposed methodologies for identifying
and extracting pulse-like motions from actual
near-fault records using wavelet analysis (e.g.,
Baker 2007; Vassiliou and Makris 2011).
However, the selection of strong motion
records for nonlinear structural analysis is not
always a straightforward process. For instance,
the available records may not reflect the appro-
priate earthquake magnitude, source mechanism,
site conditions, or source-site configuration.
While this could be a problem for far-field sites,
it is even a greater challenge for sites in the
immediate vicinity of the fault. For the above
reasons, it is of paramount importance to earth-
quake engineers to have the ability to generate
suites of realistic broadband ground motion time

2525

histories, both in the far-field and near-fault
regions (Halldorsson et al. 2011).

Synthetic Near-Fault Ground Motions Using
Physical Models of the Seismic Source

Strong motion seismologists have utilized vari-
ous schemes of deterministic and stochastic sim-
ulation techniques to generate broadband ground
motion time histories at specific locations in the
vicinity of the fault (see, e.g., Papageorgiou 1997
and references provided therein). These simula-
tion methods are based on source mechanics prin-
ciples and wave propagation theory. Site effects
are also frequently taken into account. Regardless
of the degree of sophistication of the various
ground motion simulation methods, the Earth
crustal structure and the seismic source should
sufficiently be characterized and quantified.

For regions of intense seismic activity, the
crustal structure is frequently defined in terms of
one-dimensional velocity models. Detailed three-
dimensional crustal models have also become
available for specific regions in the benefit of
three-dimensional wave propagation codes that
may effectively take into account basin effects
and complex fault geometries at the cost of
increased computational demands. The charac-
terization of the seismic source is a more compli-
cated issue. For kinematic descriptions of the
earthquake source, source parameters such as
slip, rise time, rupture velocity, and slip function
should properly be quantified and a priori
defined. On the other hand, for dynamic descrip-
tions of the earthquake source, the source param-
eters may vary as long as the elastodynamics
equation with a prescribed fracture criterion on
a predetermined fault plane is satisfied. The
selected initial conditions and failure criterion
determine the time and space evolution of the
fault rupture in a dynamic source model.

Once the seismic source and Earth crustal
model have been adequately described, near-
fault ground motion simulations in the
low-frequency range (e.g., below 1 Hz) can be
performed using deterministic modeling tech-
niques [e.g., discrete wavenumber method
(DWN), finite difference method (FDM), finite
element method (FEM), boundary element
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method (BEM), spectral element method (SEM),
or hybrids of them] that involve calculations of
synthetic Green’s functions. In order to generate
broadband synthetic ground motions, the
low-frequency waveforms should be combined
with high-frequency ground motions (e.g.,
above 1 Hz) simulated using: (1) the empirical
or semiempirical Green’s function method or
(2) a stochastic modeling technique utilizing
a source model that provides an unambiguous
way to distribute the seismic moment of the sim-
ulated event on the fault plane. This matter is of
great importance for near-fault ground motion
simulations due to the proximity of the point of
observation to the source. It should be mentioned
that high-frequency ground motion simulations
can be carried out using synthetic Green’s func-
tions as well, excluding site effects and small-
scale heterogeneities.

Synthetic Near-Fault Ground Motions Using
Phenomenological Models

Ground motion simulation techniques based on
kinematic or dynamic source models are not
always appealing to earthquake engineers
because specialized seismological knowledge
and, quite frequently, demanding computational
resources are required. Therefore, in practice,
earthquake engineers utilize actual near-fault
records of past earthquakes to investigate the
dynamic response of engineering structures to
pulse-like seismic excitations and rely on strong
motion seismologists only for generating site-
specific near-fault ground motions for the design
of special structures.

To overcome this deficiency, earthquake engi-
neers have introduced idealized waveforms,
intending to represent typical ground motion
pulses observed in the near-fault region, in an
effort to investigate the dynamic response of engi-
neering structures to near-fault ground motions
(e.g., Makris 1997; Sasani and Bertero 2000;
Alavi and Krawinkler 2001; Mavroeidis and
Papageorgiou 2003, among others). These ideal-
ized waveforms should successfully capture the
impulsive character of the near-fault records both
qualitatively and quantitatively. In addition, their
input parameters should have a clear physical
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interpretation and scale, to the extent possible,
with physical parameters of the faulting process.

Mathematical Representation of Near-Fault
Ground Motion Pulses Proposed by Mavroeidis
and Papageorgiou (2003)

The mathematical formulation for the represen-
tation of the near-fault ground velocity pulses
proposed by Mavroeidis and Papageorgiou
(2003) is the product of a harmonic oscillation
with a bell-shaped function. That is:

1 2
2 {1 +cos ( Tffp(t—to)>} cos [2nfp(t—t0)+V],
V()= \ ”

to———<1t < t0+L with y>1 0, otherwise

y
2% o
M)

where A controls the amplitude of the signal, fp is
the frequency of the amplitude-modulated har-
monic (or the prevailing frequency of the signal),
v is the phase of the amplitude-modulated har-
monic, y is a parameter that defines the oscillatory
character of the signal, and ¢, specifies the epoch
of the envelope’s peak. The pulse period (Tp) is
defined as the inverse of the prevailing frequency
(fp) of the signal, thus providing an “objective”
assessment of this important parameter. That is:

1
Tp=—
T

@)
The model input parameters have a clear physical
meaning as they coincide with the key features
that determine the waveform characteristics of
the near-fault pulses (i.e., amplitude, duration,
phase and number of half cycles).

The mathematical model proposed by
Mavroeidis and Papageorgiou (2003) was cali-
brated using a large number of actual near-fault
records. It successfully replicated a large set of
displacement, velocity, and, in many cases, accel-
eration time histories, as well as the corresponding
elastic response spectra. A sample of the quality of
fitting of the synthetic waveforms to actual near-
fault records is illustrated in Fig. 6.

The scaling characteristics of the model input
parameters were also investigated through
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Fig. 6 Sample of synthetic waveforms (black trace) fitted
to actual near-fault records (gray trace). Ground motion
time histories (displacement, velocity, and acceleration),

regression analysis, and simple empirical rela-
tionships were proposed. By performing
least-squares analysis (Fig. 7a), the following
relationship was obtained between the pulse
period and the earthquake magnitude:
logTp =—-2.2+4+04M, (3a)
If the empirical relationship is required to satisfy
the self-similarity condition, the following equa-
tion can be obtained:
logTp =—-29+4+05M, (3b)
Equation (3) was derived by Mavroeidis and
Papageorgiou (2003) using near-fault ground

26 28 30

time (s)

32

T(s)

as well as the 5% damped elastic response spectra are
illustrated (Reprinted from Mavroeidis et al. (2004).
Copyright © 2004 John Wiley & Sons, Inc.)

motion records affected by forward directivity.
Similar scaling equations have been proposed by
other investigators (e.g., Somerville 2003; Bray
and Rodriguez-Marek 2004; Baker 2007, among
others). However, it should be pointed out that the
definition of the pulse period in these studies is not
the same as the definition provided by Mavroeidis
and Papageorgiou (2003), and therefore caution
should be utilized when the mathematical model
of Eq. 1 is used in conjunction with scaling laws for
the pulse period proposed by other investigators.
Mavroeidis et al. (2004) also derived an equa-
tion that relates the pulse period (7p) with the rise
time (7) (i.e., the time it takes for a representative
point on the fault plane to reach its final displace-
ment). The rise time is an important physical
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Fig. 7 (a) Scaling of the pulse period with earthquake
magnitude, according to Mavroeidis and Papageorgiou
(2003), and (b) attenuation of peak ground velocity with

parameter of the fault rupture process that greatly
affects strong ground motion characteristics. In
fact, the rise time (and therefore the pulse period)
is related to one of the characteristic corner fre-
quencies of the source spectrum (i.e., the spec-
trum of seismic waves radiated by the earthquake
source before these are modified by propagation
path and site effects).

On the other hand, the peak value of the near-
fault velocity records appears to be a fairly stable
parameter. A value of 100 cm/s effectively repre-
sents peak ground velocities within a few kilome-
ters from the causative fault regardless of the
earthquake = magnitude  (Mavroeidis  and
Papageorgiou 2003). This observation is in good
agreement with the typical slip velocity value of
100 cm/s frequently considered by seismologists.
As indicated by Mavroeidis et al. (2004), there are
solid physical reasons that explain the stability of
the velocity amplitude close to the fault. More
recently, Halldorsson et al. (2011) proposed the
following attenuation relationship for peak ground
velocity (PGV) with rupture distance (R) (Fig. 7b):

logPGV = 2.040 — 0.032 R “)
Once PGV has been determined using Eq. 4,
parameter A that controls the amplitude of the

Rupture distance (km)

rupture distance, according to Halldorsson et al. (2011)
(Reprinted from Halldorsson et al. (2011). Copyright ©
2011 American Society of Civil Engineers)

synthetic velocity pulse can be defined by con-
sidering that A ~ (0.85-1.00) PGV. Other inves-
tigators have also proposed attenuation
relationships for PGV (e.g., Bray and
Rodriguez-Marek 2004, among others).

Finally, parameter y varies from a value slightly
larger than 1 up to a maximum value of 3, while
the phase angle (v) varies from 0° to 360°.
Halldorsson et al. (2011) have provided the prob-
ability density functions of y and v, assuming that
these two parameters are normally distributed.

Simplified Methodology for Generating
Broadband Near-Fault Ground Motions Proposed
by Mavroeidis and Papageorgiou (2003)

As explained by Mavroeidis and Papageorgiou
(2003), the mathematical expression of Eq. 1 rep-
licates accurately the intermediate-to-long-
period (“coherent”) features of the near-fault
ground motions. The high-frequency components
that are “incoherent” cannot be simulated using
simplified mathematical models (see, e.g., accel-
eration time histories and the short-period range
of response spectra in Fig. 6).

A simplified methodology for generating real-
istic, broadband, near-fault ground motions that are
adequate for engineering analysis and design was
proposed by Mavroeidis and Papageorgiou (2003).
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Based on this technique, the coherent (long-period)
ground motion component is simulated using the
mathematical model of Eq. 1, while the incoherent
(high-frequency) seismic radiation is synthesized
using the specific barrier model (Papageorgiou and
Aki 1983a, b) in the context of the stochastic
modeling approach. The specific barrier model is
a physical model of the seismic source that applies
both to the “near-fault” and “far-field” regions,
allowing for consistent ground motion simulations
over the entire frequency range and for all distances
of engineering interest. The specific barrier model
has been calibrated to shallow crustal earthquakes
of three different tectonic regions: interplate, intra-
plate, and extensional regimes (Halldorsson and
Papageorgiou 2005).

This simplified methodology has been applied
to hypothetical and actual earthquakes (e.g.,
Mavroeidis and Papageorgiou 2003; Halldorsson
et al. 2011) and is demonstrated in this entry
through the case study of the 1971 San Fernando
earthquake (Mavroeidis 2004). According to
Heaton (1982), the 1971 San Fernando earth-
quake with My 6.6 may have been a double seis-
mic event that occurred on two subparallel thrust
faults, the Sierra Madre and San Fernando Faults,
as indicated in Fig. 8a. The slip distribution on the
causative faults, inferred by inversion of
teleseismic, strong motion, and geodetic data, is
illustrated in Fig. 8b. The damage that the Olive
View Hospital sustained during the earthquake
has been attributed to the destructive potential
of near-fault ground motions on flexible struc-
tures (Bertero et al. 1978). No strong motion
instruments were installed in the immediate
vicinity of the hospital building. However, there
are indications that the ground motion that the
Olive View Hospital sustained was equivalent or
greater than the ground motion recorded at the
nearby Pacoima Dam (PCD) station.

Broadband synthetic time histories are gener-
ated at the location of the Olive View Hospital for
the fault-station geometry of Fig. 8a. The mathe-
matical model of Eq. 1 is first employed to gen-
erate the coherent component of the ground
motion at the Olive View Hospital. The values
for the input parameters A, fp, 7, and v are those
inferred by fitting the mathematical model of
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Eq. 1 to the ground motion time histories and
response spectra of the PCD record (see
Mavroeidis and Papageorgiou 2003). For the syn-
thesis of the incoherent seismic radiation at the
location of the Olive View Hospital, the specific
barrier model of Papageorgiou and Aki (1983a) is
utilized. The selected parameters for the specific
barrier model are consistent with the values
inferred by Papageorgiou and Aki (1983b) for
the 1971 San Fernando earthquake. The model
consists of two subevents (Fig. 8c), in agreement
with the two distinct slip patches of similar size
inferred for this event by Heaton (1982) (Fig. 8b).
The site characterization at the Olive View Hos-
pital is assumed to be NEHRP site class
D consistent with available information.

Figure 9a illustrates the synthetic ground
motions (strike-normal component) at the Olive
View Hospital. The top and middle panels dis-
play the incoherent and coherent ground motion
components, while the bottom panels show the
superposition of the above two components. For
comparison purposes, the ground motion
recorded at the nearby PCD station due to the
1971 San Fernando earthquake is also shown in
Fig. 9b. The overall agreement between the syn-
thetic ground motions at the Olive View Hospital
and the recorded ground motions at PCD station is
very good. It is evident that acceleration amplitudes
larger than those recorded at the PCD station char-
acterize the synthetic accelerogram at the Olive
View Hospital. On the other hand, the
corresponding velocity and displacement time his-
tories are very similar. These differences in accel-
eration amplitudes may be attributed to the different
site conditions at the locations of the Olive View
Hospital (NEHREP site class D) and Pacoima Dam
(NEHRP site class B; rock good enough to serve as
the foundation of a concrete dam).

Response Spectra, Strength Reduction
Factors, and Damping Coefficients for
Near-Fault Ground Motions

In this section, the primary characteristics of
near-fault ground motion response spectra are
discussed, and recommendations are made for
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Fig. 8 (a) Cross-sectional view of the causative faults of
the 1971 San Fernando, California, earthquake (Heaton
1982), (b) slip distribution in meters for the two

subparallel thrust faults of Fig. 8a (Heaton 1982), and (c)
subevents of the specific barrier model represented by two
circular cracks (wz—model) (Reprinted from Mavroeidis
(2004). Copyright © 2004 G. P. Mavroeidis)
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Fig. 9 (a) Synthesis of near-fault ground motions at the
location of the Olive View Hospital for the fault-station
geometry illustrated in Fig. 8a; the 5% damped elastic

design spectra, strength reduction factors and
damping coefficients for analysis, and design in
the near-fault region. The interested reader may
find additional information in Mavroeidis
et al. (2004) and Hubbard and Mavroeidis (2011).

Synthetic Ground Motions (High-Frequency)
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response spectra are also shown. (b) Actual ground
motions recorded at the nearby Pacoima Dam (PCD)
station (Reprinted from Mavroeidis (2004). Copyright ©
2004 G. P. Mavroeidis)

Response Spectra

Figure 10a displays the 5% damped equal-
ductility pseudo-velocity response spectra of
elastic-perfectly  plastic single-degree-of-
freedom (SDOF) systems subjected to a large
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Fig. 10 Standard and normalized 5% damped equal-
ductility (¢ = 1.0, 4.0, 8.0) pseudo-velocity response
spectra of elastic-perfectly plastic SDOF systems

number of actual near-fault ground motion
records (Mavroeidis et al. 2004). Inspection of
this figure reveals that peak spectral amplitudes
of near-fault records vary significantly, espe-
cially for smaller values of the ductility factor
(w). Furthermore, the periods that correspond to
peak spectral amplitudes are characterized by
significant dispersion.

Figure 10b illustrates the equal-ductility
pseudo-velocity response spectra of Fig. 10a
with the period axis normalized with respect to
the corresponding 7p values estimated by

T,/Tp T,/Tp

subjected to actual near-fault ground motion records: (a)
PSV versus T, (b) PSV versus T,/Tp, and (c) PSV/A versus
T./Tp (Reprinted from Mavroeidis et al. (2004). Copyright
© 2004 John Wiley & Sons, Inc.)

Mavroeidis and Papageorgiou (2003). This
abscissa normalization yields response spectra
characterized by peak spectral amplitudes that
lie within a very narrow range of the normalized
period (i.e., Tpear/Tp = 0.7-1.0 for elastic spec-
tra). If the ordinates of the equal-ductility pseudo-
velocity response spectra are further normalized
with respect to A, the normalized response spec-
tra of Fig. 10c are obtained; these spectra are
characterized by small dispersion of normalized
peak spectral amplitudes. In addition, they
exhibit smaller dispersion in the normalized
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Fig. 11 Normalized 5% damped equal-ductility pseudo-
velocity response spectra of elastic-perfectly plastic
SDOF systems: (a) all earthquakes (Mw 5.6-7.6), (b)
moderate earthquakes (Myw 5.6-6.3), (¢) moderate-to-
large earthquakes (My 6.4—6.7), and (d) large earthquakes

long-period range and larger dispersion in the
normalized high-frequency range (controlled by
the coherent and incoherent ground motion com-
ponents, respectively).

Thus, it may be concluded that parameters
A and Tp can be used to normalize the response
spectra of actual near-fault records. This devel-
opment facilitates the systematic investigation of
the response spectrum characteristics of the
SDOF system subjected to near-fault ground
motions. It should be noted that the normalization
of the ordinates of the equal-ductility pseudo-
velocity response spectra of Fig. 10a with respect
to PGV values yields normalized response spec-
tra very similar to those illustrated in Fig. 10c.
This is anticipated because parameter
A effectively approximates PGV.

(Mvw 6.8-7.6). The solid and dashed lines represent the
mean and mean-plus-one-standard-deviation pseudo-
velocity response spectra, respectively. The gray region
represents the range of variation of the spectral amplitudes
(Reprinted from Mavroeidis et al. (2004). Copyright ©
2004 John Wiley & Sons, Inc.)

In order to investigate the effect of the earth-
quake magnitude on the normalized response
spectra of Fig. 1la, the seismic events have
been grouped into three categories: moderate
(Myw 5.6-6.3), moderate-to-large (M 6.4—6.7),
and large (M 6.8-7.6) earthquakes. The normal-
ized equal-ductility pseudo-velocity response
spectra of these three categories are displayed in
Fig. 11b, c, d, respectively. It becomes evident
that, for smaller values of T,/Tp, the normalized
spectral amplitudes increase with earthquake
magnitude. However, for larger T,/Tp values,
the normalized response spectra appear to exhibit
a uniform behavior regardless of the variation in
earthquake magnitude. As a consequence, the
normalized response spectra of large earthquakes
exhibit flatter shapes around their peaks than the
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Fig. 12 Schematic illustrations of idealized response
spectra in four-way logarithmic plots for far-field and

normalized
earthquakes.

The ensemble of the normalized elastic
response spectra illustrated in the first panel of
Fig. 11 can be utilized to derive normalized elastic
design spectra for moderate, moderate-to-large,
and large earthquakes, as well as for the entire
set of seismic events considered by Mavroeidis
et al. (2004). The solid and dashed lines in the
top panel of Fig. 11 represent the mean and
mean-plus-one-standard-deviation 5% damped
normalized elastic response spectra. These aver-
age elastic response spectra can be used to derive
normalized elastic design spectra for two different
nonexceedance probability levels.

Figure 12a displays a sketch of the standard
idealized elastic design spectrum derived from
far-field ground motion records. This standard
design spectrum has been used for many decades
since it was first introduced in engineering
practice. The acceleration-, velocity-, and
displacement-sensitive regions of this design
spectrum can readily be identified in Fig. 12a.
On the other hand, the normalized response spec-
tra of the near-fault ground motion records (see
Fig. 11) can be approximated by the sequence of
linear segments displayed in Fig. 12b. The values
of the characteristic normalized periods

response spectra of moderate

Ta/Te

near-fault ground motion records (Reprinted from
Mavroeidis et al. (2004). Copyright © 2004 John Wiley
& Sons, Inc.)

[(Tn/TP)a7 (Tn/TP)ha (Tn/TP)L" (Tn/TP)d, and
(T,,/Tp),] are provided in Mavroeidis et al. (2004).

Strength Reduction Factors

The earliest and perhaps the simplest recommen-
dation of a procedure to construct inelastic spec-
tra from elastic spectra using ductility-dependent
strength reduction factors (R,) is based on the
work of Veletsos and Newmark (1960). These
results were further developed by Newmark and
Hall (1982) based on a suite of far-field ground
motion records. Mavroeidis et al. (2004) checked
the validity of the reduction factors proposed by
Newmark and Hall (1982) for the response spec-
tra of near-fault ground motion records by nor-
malizing the period intervals of the R, design
equations as follows:

v n<(z)

T Tp Tp/,

T, T, T,
<T_P>b < T_P < (T_P) e

Ty Tn)
H >\
Tp (Tp ¢

where (;-) = Y2l (;—) . The characteristic
P) n Pl

values of (Tn/Tp)y, (To/Tp)y, and (T,/Tp). are

&)
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associated with the normalized elastic design
spectrum for near-fault ground motions (see
Fig. 12b) proposed by Mavroeidis et al. (2004).

Figure 13 compares the computed values of R,
from the mean elastic and inelastic 5% damped
normalized response spectra of Fig. 11 with the
R,, values obtained from Eq. 5. The agreement
between the two sets of curves is very good over
the entire period range, for all specified ductility
factors, and for all earthquake magnitude catego-
ries. Figure 13 demonstrates that the Veletsos-
Newmark-Hall design equations can be used for
near-fault ground motions as well, provided that
normalized response spectra are utilized and
appropriate values of (T,/Tp)y, (Tn/Tp)p, and
(T,./Tp). are selected.

Damping Coefficients

Damping coefficients are frequently used in
earthquake engineering as a simple way to adjust
the pseudo-acceleration or displacement
response spectra associated with a viscous
damping ratio of 5% to the higher values of
viscous damping needed for design of structures
equipped with base isolation and/or supplemental
energy dissipation devices. Damping coefficients
are also frequently used for predicting the maxi-
mum displacement demands of an inelastic struc-
ture from the maximum displacement demands of
its equivalent linear system characterized by
a longer natural period and a higher viscous
damping ratio.

Damping coefficients (B) are defined as
B(T,p) = PSA(T, = 5%)/PSA(T,p), where T is
the elastic period of vibration of the structure, f§
is the viscous damping ratio, and PSA are the
ordinates of the pseudo-acceleration response
spectra for particular values of T and fi. Damping
coefficients (B) are also known as “damping
adjustment factors.” The reciprocal of B is often
used in the literature and referred to as “damping
correction factor,” “damping reduction factor,”
“spectral scaling factor,” or “damping modifica-
tion factor.”

Hubbard and Mavroeidis (2011) calculated
damping coefficients for the SDOF system
subjected to near-fault pulse-like ground motions
for a large range of periods and damping levels.
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The results indicated that damping coefficients
proposed in design codes and previous studies,
based primarily on far-field ground motion
records, tend to not be conservative for near-
fault pulse-like seismic excitations. Figure 14a
illustrates the relationships between damping
coefficient and period that were established for
viscous damping ratios in the range of 5-100%.
These damping coefficient curves were generated
using the definition of B factors and the median
pseudo-acceleration response spectra for various
levels of damping.

In order to investigate the effect of earthquake
magnitude on damping coefficients using near-
fault records, the seismic events were again
grouped into three categories labeled as moderate
(Myw 5.6-6.3), moderate-to-large (M 6.4—6.7),
and large (Mw 6.8-7.6) earthquakes. The varia-
tion of damping coefficient with period for these
three categories is displayed in Figs. 14b, c, d for
viscous damping ratios in the range of 5-100%.
While the B factors for all three earthquake mag-
nitude categories attain approximately the same
peak values for a given damping ratio, the period
range over which these peak values occur clearly
depends on earthquake magnitude. In addition,
the damping coefficient curves of Fig. 14a
derived from the entire ground motion ensemble
smooth out the effect of earthquake magnitude
and therefore do not capture the particular fea-
tures of the damping coefficient plots illustrated
in Figs. 14b, c, d.

Figure 15 indicates that the normalization of
the period axis of the B plots with respect to Tp
yields damping coefficient curves that show
a much stronger resemblance to each other.
More specifically, the normalized damping coef-
ficient curves for all groups of records attain
comparable peak values for a given damping
ratio. These maximum values tend to be slightly
closer than the peaks observed on the
non-normalized damping coefficient curves
displayed in Fig. 14. In addition, the normalized
periods over which these peak values occur coin-
cide at a value slightly lower than 1.0 on the
normalized period axis, a statistic that had previ-
ously varied greatly by earthquake magnitude.
The B curves illustrated in Fig. 15 may allow
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Fig. 14 Calculated damping coefficients for near-fault
ground motion records: (a) all earthquakes (Mw
5.6-7.6), (b) moderate earthquakes (Mw 5.6-6.3), (c)

for a single set of empirical equations to represent
near-fault damping coefficients that are normal-
ized by Tp.

An empirical equation was developed by Hub-
bard and Mavroeidis (2011) to fit the main behav-
ior of damping coefficients observed in the set
containing all records (Fig. 15a). In order to
effectively model these B curves, two equations
were needed to describe different ranges of the

Damping Coefficient, B

0 | 2 3 4 5 6
Period, I'(s)

100%

4t We

A%

T0%

S0%

Damping Coefficient, B

0 1 2 3 4 5 6
Period, 7'(s)
moderate-to-large earthquakes (M 6.4-6.7), and (d)

large earthquakes (M 6.8-7.6) (Reprinted from Hubbard
and Mavroeidis (2011). Copyright © 2011 Elsevier B.V.)

damping ratio. Equation 6 is designed to be rep-
resentative of the damping coefficients at normal-
ized periods greater than ~0.83, a normalized
period where the peak in value seems to occur.
Below this characteristic normalized period, the
damping coefficients linearly reduce to one at
a normalized period of zero. Damping ratios are
represented as fractions instead of whole num-
bers within the context of Eq. 6:
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Fig. 15 Damping coefficients for near-fault ground
motion records with the period axis normalized with Tp:

(a) all earthquakes (Mw 5.6-7.6), (b) moderate
ﬁl.3
B:3.4W+1 for 0.10 < f < 0.50
P
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P
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The empirical expression that was developed
through this method is shown in Fig. 16 as a direct

Normalized Period, T/Tp

earthquakes (M 5.6-6.3), (¢) moderate-to-large earth-
quakes (Mw 6.4-6.7), and (d) large earthquakes (M
6.8-7.6) (Reprinted from Hubbard and Mavroeidis
(2011). Copyright © 2011 Elsevier B.V.)

comparison to the computed damping coeffi-
cients for the set containing all records. For the
considered ranges of damping ratio and normal-
ized period, Eq. 6 provides a model that is con-
servative without exception. It also does an
adequate job of capturing the shape of the curves,
ensuring that there are no damping coefficients
that are greatly overconservative. In addition, the
model remains conservative and captures
the behavior of the damping coefficient plots of
the different earthquake magnitude groupings
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Fig. 16 A comparison between the proposed method and
the calculated damping coefficients with the period axis

of the dataset (Figs. 15b, c, d) as shown by Hub-
bard and Mavroeidis (2011).

Summary

This entry focuses on the description of seismic
actions due to near-fault ground motions. Partic-
ular emphasis was given on synthesizing broad-
band near-fault ground motion time histories for
earthquake engineering applications, using
a simple mathematical model for the representa-
tion of the coherent ground motion component
and a physical model of the seismic source for the
description of the incoherent seismic radiation.
In addition, recommendations on design spectra,
strength reduction factors, and damping coeffi-
cients were made for engineering analysis and
design in the near-fault region. This included
the normalization of the period axis with respect
to the period of the ground velocity pulses. The
pulse period is controlled by the rise time on the
fault plane and scales directly with earthquake
magnitude.
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Introduction

Bridges are deceptively simple systems, since
they are typically single-storey structures
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wherein the horizontal members (the deck) can
often be modeled either as a continuous beam or
as a series of simply supported beams. In fact, the
continuous beam might be a valid approximation
in seismic analysis of bridges if a “spine” model
is adopted; in such a model the bridge deck is
simulated using 3D beam elements with 6 degrees
of freedom (DOFs) at each node, located at the
centroid of the cross section. It is worth noting
that in gravity load analysis the geometric com-
plexity of the deck is usually represented in the
computer model to greater detail, as compared to
that used for estimating the seismic response. On
the other hand, bridges present peculiarities that
are not commonly encountered (or are far less
important) in buildings, such as the modeling of
bearings, shear keys, and expansion joints, as
well as the modeling of soil-structure interaction
at all bridge supports, including those at the abut-
ments which can play a major role in some cases.

In the sections that follow, modeling of the
various bridge components is first addressed
(section “Modeling of Bridge Components”),
followed by an overview of methods currently
used for seismic analysis of bridges (section
“Bridge Analysis Methods”), which is a topic
that is also addressed in other articles of the
encyclopedia;  section  “Bridge  Analysis
Methods” also includes the presentation of a
case study that illustrates the modeling and anal-
ysis procedures described in the previous sec-
tions, while both sections “Modeling of Bridge
Components” and “Bridge Analysis Methods”
include specific modeling examples and selected
results. Finally some concluding remarks are pro-
vided in section “Summary and Concluding
Remarks.” Methods of seismic analysis are
presented in various parts of the encyclopedia
(e.g., article by Vayas and Iliopoulos (2014)
focusing on modeling of steel and composite
bridges). Hence, the focus herein is on analysis
of concrete bridges, wherein some specific issues
arise as discussed in the following; of course,
several of the described models and techniques
are also applicable to bridges made of other
materials.

Modeling concrete bridges for seismic design
purposes should always take into account the
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intended plastic mechanism, which, contrary to
buildings, involves primarily yielding in the ver-
tical members, i.e., the piers, while seismic
energy dissipation can also take place in the bear-
ings; in a small number of (important) bridges,
supplementary damping devices (such fluid or
friction dampers) are provided and have to be
accounted for in the analysis. In practical design
applications bridges are analyzed in the elastic
range, and any inelasticity (material nonlinearity)
effects, wherever entering of some members in
the inelastic range under the design earthquake is
allowed, are accounted for by simply reducing
the design response spectrum by a “behavior”
(or force reduction) factor. However, special
types of bridges have been analyzed using
advanced inelastic analysis tools (typically as a
verification of an initial design based on the
results of equivalent elastic analysis), and in gen-
eral, inelastic analysis methods are gaining
ground in recent years. Therefore, an attempt is
made herein to present some basic concepts and
models suitable for inelastic analysis, with
emphasis on those that are better suited for prac-
tical application.

Modeling of Bridge Components

Deck

In concrete bridges the deck can have various
forms, i.e., solid slab, voided slab, beams
(usually precast I-beams) with cast in situ top
slab, box girder (single-cell or multicell), and
other, less common, ones. The material used is
typically prestressed concrete, except for some
short span bridges with slab-type deck, where
ordinary reinforced concrete can be used.

Very important, both for the seismic behavior
of the bridge and for its modeling, is the type of
pier to deck connection. There are three basic
options in this respect:

* Monolithic connection: Very common in slab
bridges and box-girder bridges, especially
when the cantilever method of construction is
used in the latter.
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Seismic Analysis of Concrete Bridges: Numerical
Modeling, Fig. 1 Pier region of a bridge with deck
consisting of precast posttensioned beams and cast in
situ slab continuous over the piers

» Bearing connection: The deck rests on the
piers through two or more bearings, which in
the case of modern concrete bridges are typi-
cally elastomeric bearings; this is the usual
type of connection in the case of beam-type
decks and also in box-girder bridges when the
incremental launching method of construction
is used.

* Mixed type of connection: Some piers
(typically the taller ones) are monolithically
connected to the deck, whereas others
(typically the squat ones) have bearing con-
nections. This is a fairly new solution, which
has advantages when bridge configurations
with substantially unequal pier heights have
to be used (e.g., in ravine bridges).

In the case of bearing connections (very com-
mon in older concrete bridges), it is clear that the
deck does not carry moments due to lateral
(seismic) loading nor forms part of the energy
dissipation mechanism of the bridge. An excep-
tion is the case of continuity slabs, i.e., the parts
of a top slab in beam-type decks that continue
over the piers (whereas beams terminate on each
side of the pier), hence providing a continuous
deck (Fig. 1). For these regions modern codes like
Eurocode 8-2 (CEN 2005a) allow formation of
plastic hinges (in bending about the transverse
axis, see Fig. 1). When the focus of the analysis
is on the response to the design earthquake and
inelastic behavior is allowed and anticipated,

Seismic Analysis of Concrete Bridges: Numerical Modeling

actual hinges can be introduced beforehand at
these locations.

In the usual case that the deck remains elastic
under the design seismic action, it can be
modeled with elastic elements of any appropriate
type: beam-column elements forming frames or
grillages or even shell elements. For seismic anal-
ysis the recommended approach is the use of 3D
beam columns (spine model), which is the sim-
plest option and generally an adequate one for the
purposes of this analysis. Relevant guidelines
like those of ACI 341 (2014) and FHWA (2006)
recommend four to five elements per span, but
usually more elements are used in practice, since
these are elastic members and do not noticeably
affect the computational demands. Besides,
prestressed concrete members like beams and
box girders often have cross sections that vary
along the span (thicker webs of beams and box
girders toward the piers, where shear forces are
maximum); hence, the 3D beam elements should
be arranged in such a way that they properly
reproduce this gradual change in geometry.
Moreover, since masses required for the dynamic
analysis of the bridge are typically lumped at the
nodes of the model (even when uniformly distrib-
uted masses are automatically calculated from
the geometry of the elements), use of a sufficient
number of elements leads to a more accurate
representation of the mass distribution in the
bridge and hence of its dynamic characteristics.

In the case of monolithic connections, deck-to-
pier joints carry bending moments due to seismic
loading, and in principle, parts of the deck may
become inelastic. However, in most cases the
strength of the deck that is governed by the sub-
stantial gravity loading on the bridge plus traffic
loads (very high in railway bridges) is clearly
higher than that of the pier that is typically
governed by seismic moments in medium to high
seismicity areas; hence, the deck remains in the
elastic range and the previous comments apply.
In this case, accurate modeling of box girders
requires accounting for shear lag (nonuniform dis-
tribution of the longitudinal stress across the flange
width due to the shear deformations within the
flange); the FHWA (2006) manual specifies that
the flexural stiffness of the superstructure taken
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about a transverse axis should be reduced near
piers when there is moment transfer between the
superstructure (deck) and the pier, without provid-
ing values for this reduction. According to the
ATC-32 report (ATC 1996), stiffness in these
regions is based on an effective width that should
be no greater than the width of the column plus
twice the cap beam depth. If this width is practi-
cally equal to the entire width of the superstruc-
ture, no reduction in stiffness due to shear lag is
required in the model.

An example is shown in Fig. 2 depicting the
spine model of an overpass bridge (Kappos
et al. 2013a) with monolithic pier to deck con-
nections and free sliding connections at the abut-
ments. It is seen that, depending on the length of
the span, up to 11 3D beams have been used. The
thickening of the webs of the box-girder section
toward the end of the spans is properly modeled
in the software used, SAP 2000 (CSI 2011). Fig-
ure 2 also conveys an idea of what the model
would look like in case shell elements were
used. As shown in a study by Kappos
et al. (2002), it is possible to achieve a good
match of the dynamic characteristics of a bridge
modeled using shell elements, using a simple
spine model; the match was particularly good
(differences in significant natural periods
between 4 % and 11 %) when reduced flexural
rigidity was specified for the 3D beam elements
close to the monolithic connection. That study
also confirmed that it is not necessary to use too
many elements for the deck; in fact a model
involving 488 3D beam elements predicted
almost  identical dynamic  characteristics
(periods and mode shapes) as another one using
only 77 elements (8 per span).

The value of flexural rigidity (EI) to be assigned
to the elements used for modeling the deck depends
on the material used. In the usual case of
prestressed concrete, it is allowable to assume neg-
ligible cracking and use the value for the gross
cross section (ELy). In ordinary (non-prestressed)
reinforced concrete decks, EI should account for
cracking effects. Recommended values in Caltrans
(2013) are 50-75 % of El,; the lower bound repre-
sents lightly reinforced sections and the upper
bound represents heavily reinforced sections.
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The results of seismic analysis in the trans-
verse direction of a bridge with box-girder deck
will be influenced by the assumption made
regarding the forsional stiffness of the deck
(which is substantial, as opposed to that of
“open-type” orthotropic decks like beams with
top slab). It is recommended to assume 20 % of
the uncracked value, based on the ratios (10 =
30 %) of cracked-to-uncracked torsional stiffness
estimated by Katsaras et al. (2009).

In between the aforementioned simple (spine)
and complex (shell) modeling approaches for the
deck is the grillage model, i.e., a horizontal pla-
nar system of longitudinal and transverse 3D
beams, as shown in the example of Fig. 3, refer-
ring to a ravine bridge with a top slab on
posttensioned I-beams supported through lami-
nated elastomeric bearings, studied by Ntotsios
et al. (2009). The longitudinal members of the
grillage have the properties of the I-beams and
the tributary part of the slab, the transverse ele-
ments above the piers have the properties of the
actual transverse beams in the actual bridge,
while the intermediate four transverse elements
of the grillage represent the coupling of the lon-
gitudinal beams in the transverse direction due to
the presence of the deck. Grillage models are
particularly suited for slabs or orthotropic decks
like that of Fig. 3 and provide a good balance
between accuracy and practicability. They are not
very easy to set up nor offer particular advantages
over the spine model in the case of box-girder
sections. An important issue here is the modeling
of the torsional stiffness of the deck which cannot
be estimated from the properties of the individual
elements of the grillage but rather should be
derived for the entire box girder and then distrib-
uted among the longitudinal members. In case the
grillage model is used for solid slab decks, it is
recommended to add diagonal braces to account
for the interaction between longitudinal and
transverse deck action due to Poisson effects,
which cannot be neglected (as in the case of
orthotropic decks with primary girders, see
Vayas and Iliopoulos (2014) for orthotropic com-
posite decks). More details on the input parame-
ters required for deck modeling with grillages
(flexural and torsional rigidities, shear areas)
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Seismic Analysis of Concrete Bridges: Numerical Modeling, Fig. 3 Grillage model and detail of the connection
between the deck and the pier (above) for a ravine bridge with beam with top slab deck (below)

can be found in Chapter 2, of the recent book by
Kappos et al. (2012). In that chapter a brief dis-
cussion of some advanced topics like the effects
of skewness and curvature in plan and/or in ele-
vation on the seismic response, and the verifica-
tion of deck deformation demands when this is
necessary for seismic assessment, can also be
found.

Piers and Their Foundations
Piers commonly used in concrete bridges are of
the following types:

+ Single columns with solid circular or (less
frequently) rectangular section

+ Single columns with hollow circular or rect-
angular section

* Multicolumn bents (frame-type piers, running
in the transverse direction of the bridge)

» Wall-type piers (usually of large dimensions,
especially in the transverse direction)

» Braced piers (usually V shaped)

It is noted that hollow rectangular piers are
typically of large dimensions (could reach 7 m
or more in the transverse direction), and their
structural behavior is closer to that of walls,
rather than of hollow circular columns.

Geometric Considerations

Single-column piers, whether solid or hollow, are
generally modeled as “sticks” using beam-
column elements; four to five elements are usu-
ally enough, unless complex geometries (e.g.,
flared columns) are involved. As shown in
Fig. 4, the top element of the column is connected
via a rigid link to the centroid G of the deck
section (which is the location of the
corresponding horizontal element); in most soft-
ware packages there is no need for specifying a
different element, but rather the top element of
the column extends up to G, and its end portion is
specified as a rigid offset. In the common case of
columns monolithically connected to the box
girder of the deck, there is no need for additional
elements in the column, but when the box girder
is supported on bearings (which will be the case
at the abutments), it is necessary to introduce
transverse elements extending from the first to
the last bearing and link these to the end node of
the deck model using rigid links (see bottom right
of Fig. 2).

As shown in Fig. 4, the moment distribution
along the height of the pier is influenced by the
rotational restraint at the top, which in turn
depends on the torsional rigidity of the deck.
This is substantial in the case of box girders
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Seismic Analysis of Concrete Bridges: Numerical Modeling, Fig. 4 Pier modeling and transverse response

accounting for the torsional stiffness of the deck

(asin Fig. 4) and low in the case of precast beams
with top slab and other similar, “open-type,”
sections.

Multicolumn bents are naturally modeled as
2D frames, again with beam-column elements,
each of which has the properties of the
corresponding member (column or cap beam). It
is worth noting that although columns usually
have circular sections, cap beams are rectangular.
Rigid offsets at the element ends properly capture
the effect of the finite size of the beam-column
joints that are quite massive members in bridges.
In case the cap beam is monolithically cast with
the deck, the torsional resistance of the top of the
bent is substantially higher than that of the cap
beam alone; Aviram et al. (2008) recommend
multiplying the torsional resistance of the cap
beam by 10% Clearly this does not apply in the
case that the deck is bearing-supported on the cap
beam. V-shaped piers are modeled in a similar
way, but of course, vertical elements are inclined
rather than upright.

There are several options available for model-
ing wall-type piers and the aspect ratio is an
important parameter in this case. The simpler
model is clearly the stick one, previously men-
tioned for the case of single-column piers. Decks
are usually bearing-supported on wall-type piers
(which are the preferred solution in seismic iso-
lation designs wherein seismic energy dissipation
takes place in the bearings and, whenever present,
the dampers); hence, it is essential in this case to

add the aforementioned horizontal rigid element
at the top of the stick model. A more refined
model could consist of a vertical grillage (see
notes on grillage models in section “Deck”).
The most refined model, feasible only in elastic
analysis, is the use of shell elements; an example
(not necessarily a recommended one, unless for
research purposes) is shown in Fig. 5; a mesh of
18,885 shells was set up for the 3-span bridge,
keeping the aspect ratio of the shells rather low at
1.2, since these elements perform best when their
shape is close to square. As noted in section
“Deck,” the main normal modes of that bridge
were captured with reasonable accuracy using a
simple spine model with only 77 beam-column
elements (Kappos et al. 2002).

Stiffness Considerations

Even in elastic analysis of reinforced concrete
(R/C) piers for seismic loading, it is essential to
account for the effect of cracking, to make sure
that displacements are not underpredicted. Prac-
tically all existing codes adopt approximate
values of the pier stiffness, corresponding to
yield conditions, and this stiffness is assumed as
known when design seismic actions (e.g., modal
forces) are estimated. These approximate values
are either very rough estimates, like the 0.5 EI,
(50 % of uncracked section rigidity) adopted by
both Eurocode 8-1 (CEN 2004) and AASHTO
(2010), or slightly more sophisticated ones taking
into account the level of axial loading on the pier
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Seismic Analysis of
Concrete Bridges:
Numerical Modeling,
Fig. 5 Finite element
(shell) mesh in the pier to
deck connection area of a
bridge with box-girder
superstructure
monolithically connected
to hollow rectangular piers
(Kappos et al. 2002)

Seismic Analysis of
Concrete Bridges:
Numerical Modeling,
Fig. 6 Effective stiffness
of cracked reinforced
concrete circular sections
(AASHTO 2010)
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(which, in general, is not significantly affected by
seismic actions) and/or the reinforcement ratio.

Eurocode 8-2 for Seismic Design of Bridges
(CEN 2005a) in its (informative) Annex
C suggests the following relationship for the
effective moment of inertia of R/C ductile
columns:

Ly = 0.081, + Iy 1)

where the cracked section inertia can be calcu-
lated as the secant value at yield (M, is the yield
moment and @, the yield curvature, E. the con-
crete modulus)

L = My/ (EC.(py) 2)

AR

[

010 0.15 020 0.25
AXIAL LOAD RATIO P/ Aq

0.30 0.35

Obviously, I, can only be estimated from Eq. 2
when the pier has been designed, so that both
strength and yield curvature can be calculated;
hence, use of these relationships is feasible only
when iterative elastic analyses, or inelastic anal-
ysis, are used.

The Caltrans Seismic Design Criteria (2013)
adopt the same concept as EC8-2 (secant value at
yield), the only exception being that the 0.08 I,
term (accounting for tension stiffening effects) is
not included in Eq. 1. As an alternative, the
Caltrans Criteria allow the calculation of effec-
tive stiffness as a function of the axial load ratio
and the pier reinforcement ratio from graphs pro-
vided by Priestley et al. (1996); diagrams like that
of Fig. 6 can be directly implemented for carrying
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Seismic Analysis of Concrete Bridges: Numerical Modeling, Fig. 7 Lumped plasticity model (a) basic configu-

ration; (b) hysteresis law for springs

out elastic analysis, assuming a reasonable rein-
forcement ratio (e.g., Ag/A, = 0.01, which is the
usual minimum reinforcement ratio), while, in
principle, analysis should be repeated if the
resulting reinforcement is substantially different.

Nonlinear Models for Piers
As mentioned in section “Introduction,” the most
common plastic mechanism on which seismic
design is based is that involving inelastic
response of the piers. Therefore, inelastic
(material nonlinear) modeling of piers is impor-
tant, not only for research but also for practical
assessment purposes (which includes assessing
an existing, probably substandard, bridge as
well as a newly designed bridge that is important
enough to warrant this additional design effort).
Space limitations do not allow a detailed treat-
ment of this important issue, and only a brief
overview of the main available models will be
provided herein; more detailed information on
nonlinear modeling of bridge piers and several
case studies can be found i.a. in the recent book
by Kappos et al. (2012).

Nonlinear models for piers can be classified
into three categories:

» Lumped plasticity models
 Distributed plasticity models
+ Continuum models

Several subcategories can be defined for each
of the above, as briefly discussed in the following.

Lumped plasticity models, also known as
“point-hinge” models, are based on the simpli-
fying assumption that all inelastic behavior
takes place at the plastic hinge points that are
typically located at the member ends. This
concept can be materialized in different ways,
the most efficient one consisting in inserting
two nonlinear rotational springs at the element
ends, as shown in Fig. 7a; more accurately, the
springs are inserted at the ends of the rigid
offsets located at the element ends to model
the finite width of joints (e.g., between the cap
beam and the column, in a multicolumn bent).
All post-yield flexural deformation takes place
in these springs, whereas the remainder of the
beam-column element remains elastic through-
out; it is emphasized that the flexural rigidity
EI of the “elastic” element should account for
cracking effects, as discussed in section “Stiff-
ness Considerations.” The (local) stiffness
matrix for this lumped plasticity element, relat-
ing chord rotations at the ends to the
corresponding bending moments, can be read-
ily set up assuming a series connection
between the springs and the beam, hence
adding the flexibility matrices of each compo-
nent, i.e.,

L n 1 L

3El  Kg; 6EI
[F] = [Fe] + [FS] = ,L L+L
6EI 3EI Ksj
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where K; and K are the stiffnesses of the springs
at ends i and j, which are assumed for simplicity
to be uncoupled (no off-diagonal terms Kg;) and
can be different, e.g., when one end has yielded
while the other is still in the pre-yield range. The
main advantage of this simple model is that K
values can be defined on the basis of any consti-
tutive law, whether simple or complex. Figure 7b
shows a typical moment versus rotation hystere-
sis law (with stiffness degradation) that can be
applied to either spring; note that prior to exceed-
ing the yield moment the springs are rigid
(Ks = 00), hence all elastic deformation takes
place in the elastic member. The 2 x 2 flexural
stiffness matrix relating end moments to chord
rotations can be easily derived by inverting
[F] and then transforming to the 6 X 6 matrix
including the rigid body modes and the axial
deformations (axial stiffness EA is usually
assumed to remain unaffected by flexural
yielding).

Bridge piers, in particular those of the wall
type, develop significant shear deformations sub-
sequent to shear cracking, which may occur
before or after flexural yielding. In the lumped
plasticity context, shear deformations can be
treated either in a simplistic way by using the
stiffness matrix of a Timoshenko beam
(involving GA’ terms in addition to EI ones)
and a rough reduction factor for GA’, or, more
rigorously, by introducing additional springs at
the ends representing the relationship between
shear force and shear deformation; the issue of
inelastic shear is discussed later on in relation to
another model. Another important source of
deformation in R/C piers, especially those with
substandard detailing with respect to earthquake
requirements, is bond slip, which can give rise to
substantial local rotations at the member ends
(“fixed end rotations™). This effect can either be
modeled indirectly by decreasing the stiffness of
the M — 0 law (Fig. 7b) at the member ends,
something that requires proper calibration, or be
modeled directly by introducing additional rota-
tional springs to the model of Fig. 7a.

Despite their crudeness, lumped plasticity
models (first develop in the 1960s) remain quite
popular due to their simplicity, as well as the fact
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that they can relatively easily account for the
effects of shear, as well as of bond slip, and are
easier to calibrate against experimental results
than other, more sophisticated (and complex),
models.

Distributed (or spread) plasticity models, still
of the beam-column type, drop the assumption of
point hinges and directly account for the spread
of inelasticity along the bridge member, hence
leading, in principle, to more accurate results.
There are several different approaches in this
respect, i.e., inelastic response can be monitored
at several predetermined sections of the element
and the stiffness matrix be synthesized on the
basis of the tangent stiffness of each such section,
or variable length plastification zones be defined,
typically at the member ends, assuming the rest of
the element is quasi-elastic (as in lumped plastic-
ity models). The latter option retains some of the
simplicity of point-hinge models while being
more rational and, in principle, accurate and
will be described in the following.

A recent spread plasticity model (Mergos and
Kappos 2012) accounting for inelastic response
in all mechanisms (flexure, shear, bond slip) is
shown in Fig. 8. The length of the plastified zones
at the ends (respective rigidities EI5 and Elg) is
defined on the basis of the moment diagram of the
element and the corresponding yield moments,
e.g., the left zone has a length oz L, where

ap = A= n o)

Mp — Mg
The flexural stiffness matrix can be set up using
the principle of virtual work for the case of mem-
bers with variable cross section. The current
rigidities are calculated from the moment versus
curvature relationship at each member end.
Models with more than three parts have been
proposed but are not deemed appropriate for
practical application.

A similar procedure can be followed in the
case of the shear sub-element (Fig. 8d), which
represents the hysteretic shear behavior of the
R/C member prior and subsequent to shear crack-
ing, flexural yielding, and yielding of the shear
reinforcement. In this case, the current shear



2550

Seismic Analysis of
Concrete Bridges:

Seismic Analysis of Concrete Bridges: Numerical Modeling

Mg

Numerical Modeling,

Fig. 8 Distributed

plasticity model: (a)
geometry of R/C member;
(b) beam-column finite

flexural sub-element; (d)
shear sub-element; (e)

element with rigid arms; (c) :
anchorage slip sub-element :

i Nonlinear d

Nonlinear
rotational rotational
spring Rigid bar

rigidities (GA, GAg) are calculated from the
V — v (shear versus shear deformation) curves at
each end, details of which are given in Mergos
and Kappos (2012). After determining the distri-
bution of GA along the R/C member at each step
of the analysis and by applying the principle of
virtual work, the coefficients of the flexibility
matrix of the shear sub-element are given by the
following equation:

1- AAs — ABs
GAy-L

aBs
GAgp-L

sh___8As
i T GAx-L

(i,j=A,B)

(&)

Finally, rotations due to slip at the end anchor-
ages are captured with the simple slip
sub-element of Fig. 8e that consists of a rigid
bar with two uncoupled nonlinear springs at the
ends. The M-0g;, skeleton curve is derived
assuming uniform bond stress along different
segments of the anchored reinforcement bar
(details in Mergos and Kappos 2012).

1

1
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spring \

i

e

In the previously presented models, the ele-
ment stiffness matrix in the post-yield range is set
up on the basis of EI values that are estimated
from predefined constitutive laws relating bend-
ing moment to either end rotation or end curva-
ture; when axial (EA) and shear (GA) rigidities
are not taken as constant, their values are esti-
mated from similar predefined laws (e.g., V — 7).
Another option is the fiber model, wherein the
stiffness parameters are not estimated from
predefined laws, but rather from
moment — curvature analysis (and, far less often,
shear force versus deformation analysis) of a
number of “monitoring” or “control” sections,
which are divided in a number of “fibers”
(in the general, biaxial, case, these are squares
or rectangles rather than horizontal fibers), using
Bernoulli’s principle and the stress-strain consti-
tutive laws of the pertinent materials, i.e., con-
fined and unconfined concrete (for the core and
the cover, respectively) and steel bars, as shown
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approach

in Fig. 9 (Kappos et al. 2012). The model has
been implemented in point-hinge models but has
found its main use in distributed plasticity
models, wherein four (Fig. 9) or more sections
are “monitored” and the element stiffness matrix
is set up assuming linear variation of stiffness
(or flexibility) between monitoring sections; the
latter are typically taken as the end sections and
the Gauss points used in the integration required
for deriving the element stiffness matrix (e.g.,
using the Gauss-Lobatto quadrature scheme).

A rigorous application of the fiber model
involves a number of difficulties, and different
approaches have been put forward, some of them
based on the stiffness approach (and involving
displacement shape functions) and others on the
flexibility approach (involving force shape func-
tions, which do not change in the inelastic range);
hybrid procedures have also been used. The flex-
ibility approach is numerically more advanta-
geous but computationally more demanding.
Details of all these procedures fall beyond the
scope of this entry and can be found in the liter-
ature (e.g., Fardis 1991; Kappos et al. 2012).
However, it has to be emphasized here that
although the fiber approach is more rigorous
than the “phenomenological” approaches based
on predefined force — deformation relationships,

it is not necessarily more accurate than the latter,
except in the case of R/C members with negligi-
ble effect of shear and bond-slip deformations,
which is not very common, even in well-designed
bridge members. For instance, a pier usually has
such an aspect ratio that shear deformations can-
not be ignored. There are versions of the fiber
model wherein shear deformations are included
(Kappos et al. 2012), but the computational cost
involved is particularly high. Finally, because
most of the available fiber model-based software
packages (like SeismoStruct) include constitutive
laws assuming that concrete is initially
uncracked, they overestimate the actual stiffness
of real bridges (and other structures) that are
cracked prior to being subjected to seismic load-
ing (due to shrinkage, traffic and ambient vibra-
tions, and possible previous small earthquakes).
Nonlinear continuum models are typically
used for research purposes, whose aim is to
study in detail the response of critical regions in
piers. Material nonlinearity is taken into account
using either a “standard” plasticity model or a
combination of plasticity and damage models,
the latter being able to affect the elastic compo-
nent of the deformation as (seismic) damage
propagates. Geometric nonlinearity is less critical
in R/C piers, except for very tall ones. The type of
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Seismic Analysis of Concrete Bridges: Numerical Modeling, Fig. 10 Modeling of hollow circular piers with solid

elements using different heights and mesh densities

finite elements used can be quire “heavy,” i.e.,
shell and 3D solid (“brick’) elements have been
used for concrete piers. Figure 5 shows an exam-
ple of using shell elements for both the deck and
the piers, but nonlinear behavior was not taken
into account in that model.

Figure 10 is taken from a study (Papanikolaou
and Kappos 2009) focusing on the effect of con-
finement on the strength and ductility of solid and
hollow piers; solid elements were used for con-
crete, whose behavior was governed by a sophis-
ticated plasticity model accounting for
confinement effects, while line elements embed-
ded to the solid elements were used for the rein-
forcement (transverse reinforcement consisted of
spiral or hoop circular reinforcement, with or with-
out transverse links). It is seen that the axial load
versus axial deformation curves resulting from the
“coarse” mesh are not substantially different from
those from the dense mesh; it is worth pointing out
that an upper limit of about 6,000 solid elements
was found, beyond which the computational cost
and volume of results were excessive, which is a
good indicator of the type of models that can be
analyzed in such a context. Further examples of
applications of continuum models to concrete pier
components can be found in Kappos et al. (2012).

Soil-Structure Interaction Effects
A key aspect in proper modeling of piers
(whether inelastic or equivalent elastic) is

capturing the effect of foundation compliance,
i.e., of the fact that pier foundations, especially
the shallow but also the deep ones, like piles, do
not provide full fixity to the base of the pier, but
displace (horizontally), rotate, and even settle
(vertically), as the bridge is subjected to seismic
loading. Large-size foundations have also the
effect of modifying the seismic input to the struc-
ture (“kinematic” interaction or “wave scatter-
ing” effect), but this issue is not further
addressed herein. The interaction of the founda-
tion ground with the bridge substructure (the
piers and their foundations) does not only modify
the fixity conditions but also increases the
damping (“radiation” damping at the ground-
foundation interface); in simplified analysis this
can be safely ignored, but there are ways to
explicitly include it, such as the addition of dash-
pot elements at the base of the piers.

A commonly adopted practical approach for
calculating the pseudo-static interaction between
the bridge foundation and the soil is the Winkler
spring model, wherein the soil reaction to the
foundation movement is represented by indepen-
dent (linear or nonlinear) unidirectional transla-
tional spring elements. In the case of surface
foundations, the vertical springs are distributed
below the surface of the footing, while in pile
foundations horizontal springs are distributed
along the pile shaft. Although approximate,
Winkler formulations are widely used not only
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because their predictions are in good agreement
with results from more rigorous solutions but also
because the variation of soil properties with depth
can be relatively easily incorporated. Moreover,
they are efficient in terms of computational time
required, thus allowing for easier numerical han-
dling of the structural inelastic response, wher-
ever this is deemed necessary.

In the case of surface foundations, a simple
system of three translational (two horizontal, x
and y, one vertical, z) and two (less often three)
rotational springs can be used at the base of the
footing; the spring constants for the x, y, and z
springs can be estimated from relationships
(ASCE 2007) derived from the solution of the
problem of a rigid plate resting on the surface of
a homogeneous half-space:

B i L 0.65

K, = 2G_V 3.4<§) +12
GB i L 0.65 L

K, = 4(= 4= 40.

y= 5|3 (B) +042+08| (6)
GB L 0.75

K= 57— 1.55<§> +0.8

where G is the shear modulus of the ground, v the
Poisson ratio (0.35 for unsaturated soils and 0.5
for saturated soils), L the larger dimension of the
(rectangular) footing, and the smaller one; sim-
ilar relationships are given in ASCE (2007) and
FHWA (2006) for the rotational springs. These
relationships are particularly convenient to use
since they only include very fundamental prop-
erties of the soil, which can always be estimated
(e.g., the initial modulus Gy can be estimated
from the shear wave velocity and the specific
weight of the soil). However, an upper and
lower bound approach to defining stiffness and
(in nonlinear models) capacity is recommended
because of the uncertainties in the soil properties
and the static loads on the foundations of existing
bridges. The large-strain effective shear
modulus, G, can be roughly estimated on the
basis of the anticipated peak ground acceleration
(PGA); for regions of low-to-moderate seismic-
ity, a value of G = 0.5 G is recommended, while
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for regions of moderate-to-high seismicity, G =
0.25 Gy is suggested (FHWA 2006).

In pile foundations the mechanical parameters
for the springs are frequently obtained from
experimental results (leading to P-y curves for
lateral and N-z curves for axial loading) as well
as from very simplified models. A commonly
used P-y curve is the lateral soil resistance versus
deflection relationship proposed by the American
Petroleum Institute (API):

kH
P= 0.9putanh[

0.9p y} ™

u

where p, is the ultimate bearing capacity at depth
H, y is the lateral deflection, and k is the initial
modulus of subgrade reaction. The tip of the pile
can either be modeled using a vertical spring
(with a carefully selected axial stiffness) or
assumed to be vertically fixed but free to rotate.

Figure 11 shows an example (Kappos and
Sextos 2001) of modeling a pile group using
Winkler springs with initial properties calculated
from Eq. 7. This is a fully inelastic model wherein
both the piles and the pier (modeled using the
lumped plasticity approach, but with several ele-
ments for each pile) can yield; in practical appli-
cations equivalent linear properties (based on
secant stiffness at the estimated maximum dis-
placement) are often used, especially for the soil.
The limitations of the P-y approached are
discussed in detail in Kappos et al. (2012),
where an overview of more advanced soil-bridge
interaction (kinematic and inertial) models is also
provided. It will only be mentioned here that
despite the abundance of models and software,
nonlinear analysis wherein both the bridge and
the foundation ground are modeled with
nonlinear models is not only cumbersome but
often leads to convergence problems; hence,
explicit treatment of nonlinearity should be con-
fined where the main interest lies, typically in the
piers and perhaps in the piles (cf. Fig. 11).

Abutments and Backfills
There are two common types
abutments:

of bridge
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Seismic Analysis of Concrete Bridges: Numerical Modeling, Fig. 11 Modeling of soil-pile foundation-pier system

using Winkler springs

¢ Seat type (the deck is bearing-supported on the
horizontal seat of the abutment; see Fig. 2
bottom right)

« Integral or diaphragm type (abutment mono-
lithically connected to the end of the deck)

The modeling of the abutment system, which
also includes the wing walls and the foundation
(footing or piles) can vary from very simple to
very complex, depending on the situation. Some
common cases are briefly discussed in the
following.

Integral- or diaphragm-type abutments are
always included in the model of the bridge, as a
continuation of the deck model; in addition to the
body of the abutment, they also include the foun-
dation, which typically consists of piles (often
relatively flexible ones). It is essential that the
flexibility of the abutment foundation be
modeled; otherwise the displacements of the inte-
gral bridge are seriously underestimated; besides
problems with earthquake analysis, failure to
capture the flexible end supports of the bridge
also results in unrealistic stresses from
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Seismic Analysis of Concrete Bridges: Numerical Modeling, Fig. 12 Modeling of abutment system and resulting

pushover curves

temperature variations and shrinkage of concrete.
In addition to the foundation, the backfill and the
embankment have to be accounted for in the
model, especially in short bridges with stiff
deck; a concept usually adopted in these cases is
the “effective” (or “critical”) length of the
embankment, whose properties are calculated
and then introduced as springs (discussed later
in this section) at the end of the elements
representing the integral abutment.

Seat-type abutments can be modeled in a sim-
ple way, as shown in Fig. 2, i.e., by just including
in the model the bearings (as springs, see section
“Bearings” for property definition) of the abut-
ment seat; so long as the end connection of the
bridge is dominated by the properties of the bear-
ings (in modern concrete bridges these are either
elastomeric or pot bearings that can slide in all
directions, see section “Bearings”), this simple
model is quite adequate. If pot bearings are
used, even a simple sliding connection (roller
support) can be defined in the model; this ignores
friction forces at the pot bearings, which are small
if monolithic connections or fixed bearings are
used elsewhere in the bridge. However, when a
longitudinal joint closes, or a shear key blocks the
transverse movement of the deck, or the gap
between the deck and the abutment stem wall
closes (see Fig. 2 bottom right), the abutment-
backfill system is activated and significant forces

can develop at the bridge ends; further movement
(in either direction) can be captured by the model
only if the flexibility of the system, which
includes both concrete members and the backfill
soil, is modeled.

In abutments the important aspects of soil-
structure interaction (section “Soil-Structure
Interaction Effects”) are modeled in practice-
oriented applications through a system of linear
or nonlinear springs at the ends of the bridge. The
properties of the springs can best be defined by an
analysis of the abutment-backfill system, prefer-
ably accounting for nonlinear effects directly, or
at least by proper selection of reduced properties
(e.g., estimates of G of the ground consistent with
the expected deformations). Figure 12 shows the
modeling of an abutment system (Kappos and
Sextos 2009); the abutment wall is modeled
with 2D shell elements, while the piles with
frame elements supported on (depth dependent)
nonlinear horizontal springs. In the vertical direc-
tion, friction springs were used along the piles
and an appropriate vertical stiffness was intro-
duced with the use of a (compression only) spring
at the tip of the piles; a simpler model was also
analyzed wherein infinite vertical stiffness was
assumed (tip displacements restrained). On the
right of Fig. 12 are shown the pushover curves
(i.e., seismic force versus monitoring point dis-
placement) derived for the transverse direction
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(force Fy), wherein the behavior of the abutment
system is dominated by the nonlinear response of
the piles. For investigation purposes, the analysis
was performed both for soft soil conditions
(which was the actual case in the specific abut-
ment) and for the case of a significantly stiffer
supporting soil. These pushover curves reveal the
sensitivity of the abutment response to the soil
conditions, as well as the importance of account-
ing for all possible failure modes in the analysis
(shear failure of the piles limits the deformation
capacity, i.e., the ductility, of the entire system).

Equivalent linear or nonlinear springs based
on the stiffness defined by curves like those in
Fig. 12 can be used for modeling abutments to
which the deck forces are directly transferred
(due to the previously mentioned reasons).
A full-range model, covering all stages of the
response, should include two (nonlinear) springs
in series, one representing the stiffness of the
bearings and one the stiffness of the abutment
system; a gap element (with the width of the
longitudinal joint of the bridge) should be added
if analysis is carried out in a single run; otherwise
separate analyses with open and closed joint
should be carried out (a usual practice in the
USA).

In lieu of carrying out a proper analysis of the
abutment, simplified procedures can be used for
estimating a reasonable stiffness (and, in
nonlinear analysis, strength) for the abutment.
Arguably the most popular procedure is that pre-
scribed in Caltrans (2013), wherein the longitu-
dinal stiffness can be calculated from the initial
embankment fill stiffness K; ~ 28.7 kN/mm/
(m width of the wall), and this has to be adjusted
proportionally to the backwall (or diaphragm)
height (h):

Kabut = Ki X W X (h/17) (8)

where w is the projected width of the backwall or
diaphragm, for seat and diaphragm abutments,
respectively, and (h/1.7) is a proportionality fac-
tor based on the 1.7 m height of the diaphragm
abutment specimen tested at UC Davis (the actual
relationship is not linear, but so far there is no
sufficient data to develop a more sophisticated
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one). The aforementioned K; applies to well-
compacted backfills as required by Caltrans
(2013); otherwise it should be reduced by 50 %.
The ultimate abutment load was assumed to be
limited by a maximum static soil passive pressure
of 240 kPa; the latter is multiplied by the
corresponding surface, e.g., the product of the
backwall width and height in seat-type abutments
as well as the proportionality factor (h/1.7). The
stiffness value for Eq. 8 applies when the elastic
response of the bridge is dominated by the abut-
ments; when this is not the case, Caltrans pre-
scribes reductions depending on the ratio of the
longitudinal displacement demand at the abut-
ment (from elastic analysis) to the effective lon-
gitudinal abutment displacement at idealized
yield (ratio of strength to stiffness).

In the transverse direction, a nominal abut-
ment stiffness equal to 50 % of the elastic trans-
verse stiffness of the adjacent bent can be used;
this nominal stiffness has no direct correlation or
relevance to the actual residual stiffness (if any)
provided by the failed shear key but is meant to
suppress unrealistic response modes associated
with a completely released end condition.

Clearly, a full model for the abutment-backfill
system should also include the backfill soil, as well
as part of the embankment that is activated during
the seismic excitation of the bridge; as mentioned
previously, the latter is important in the case of
short bridges (like two-span overpasses) wherein
the embankment plays a key role in the seismic
response of the bridge. In particular, consideration
of the abutment-soil system participating mass has
a critical effect on the mode shapes and conse-
quently the dynamic response of the bridge. The
critical length L, of the embankment to be consid-
ered in the analysis can be estimated from the
relationship (Zhang and Makris 2002):

L. ~0.7\/SB. H ©)

where S is the slope of the embankment, H its
height, and B, its width at the crest. It should be
borne in mind that L. actually changes with the
level of the seismic action, but this is difficult to
capture in practical analysis.
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Seismic Analysis of
Concrete Bridges:
Numerical Modeling,
Fig. 13 Modeling of
abutment and backfill
system using 3D finite
elements

An example of a “heavy” finite element model
of the entire system is shown in Fig. 13 from
Kappos et al. (2012) wherein further examples
and details can be found. Results of analysis of a
number of typical abutment and backfills using
sophisticated models such as that of Fig. 13,
which considered the soil (backfill, embankment,
and foundation) as the nonlinear material mech-
anism, have shown that both the stiffness and the
strength estimated according to the pre-2013
Caltrans provisions (adopting K; = 11.5
kN/mm/m, i.e., 60 % lower than the new value)
underestimated the values found from the 3D FE
models.

So long as the soil behind the abutment has
been analyzed and its (macroscopic) stiffness
reduced to a spring constant, the entire bridge
can be modeled by combining in series the
aforementioned translational springs (one for
the backfill-embankment system and one for
the abutment and its foundation) in each direc-
tion of the bridge. More details on modeling
abutments and backfills using a system of
nonlinear springs can be found in Aviram
et al. (2008).

Bearings, Joints, and Shear Keys
Bridge furnishings include a number of compo-
nents, i.e.,

» Bearings

+ Joints

 Parapets — rails

* Waterproofing system

Among these, critical components of the
bridge, particularly in an earthquake resistance
context, are the bearings and the joints. Modeling
of these critical components for seismic analysis
is discussed in the remainder of this section,
which also covers some other components, nor-
mally located close to, or even within, the bear-
ings, i.e., shear keys and damping devices.

Bearings
Bearings are mechanical systems which:

+ Transmit loads from the superstructure (deck)
to the substructure (piers, abutments)

» Accommodate relative displacements
between them

In the past, steel bearings of the pin, roller,
rocker, or sliding type have been used, and they
are still used in some bridges, in particular steel
ones. In modern concrete bridge construction,
bearings typically belong to one of the following
categories:

» Pot bearings
» Elastomeric (common) bearings
» Elastomeric (special) bearings

Pot bearings (Fig. 14) allow sliding and rota-
tion and consist of a shallow steel cylinder
(or “pot”) on a vertical axis with a neoprene
disk which is slightly thinner than the cylinder
and fitted tightly inside. A steel piston fits inside
the cylinder and bears on the neoprene, while flat
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Seismic Analysis of
Concrete Bridges:
Numerical Modeling,
Fig. 14 Pot bearings
(www.agom.it): free-
sliding (/eft) and
transversely guided sliding

Seismic Analysis of
Concrete Bridges:
Numerical Modeling,

Fig. 15 Laminated

bearing with outer steel
plates: profiled (/eft) or

allowing fixing (EN1337,
CEN 2005b)

brass rings are used to seal the rubber between the
piston and the pot; the rubber behaves like a
viscous fluid, flowing as rotation occurs. Sliding
can either take place in any direction or be guided
(through a groove and sliding bar system; see
Fig. 14-right) in a specific direction. Use of pot
bearings is very common, especially at the seats
of the abutments.

In general, pot bearings do not have to be
explicitly modeled; it suffices to release the
corresponding degrees of freedom at the support
of the deck.

Common elastomeric bearings are made of
elastomer, i.e., either natural or synthetic rubber
(e.g., neoprene), which is flexible in shear (low
GA) but very stiff against volumetric change. To
avoid bulging (lateral expansion that adversely
affects the properties of the elastomer) different
types of reinforcement are used in the elastomer
(fiberglass, cotton, steel). The most common and
efficient (and also the most expensive) type of
reinforced elastomeric bearings is that reinforced
with thin steel plates as shown in Fig. 15; these
are constructed by vulcanizing elastomer to these
steel plates.

The design of elastomeric bearings is carried
out (in European and some other countries)
according to the European Standard EN1337
(CEN 2005b). This standard prescribes maxi-
mum strains due to vertical load, rotations and
horizontal actions, such as loads or displace-
ments, and minimum thickness of the internal
and external steel plates. It also prescribes a num-
ber of ultimate limit state verifications (limitation
of distortion and rotation, tension in the steel
plates, bearing stability (buckling), and slip pre-
vention). The procedure for designing a bridge so
that the seismic action is resisted entirely by
elastomeric bearings on all supports (“seismic
isolation”) is prescribed in Chap. 7 of Eurocode
8-3 (CEN 2005a).

Proper modeling of elastomeric bearings is
essential in the framework of seismic design.
In all cases at least the horizontal shear stiff-
ness (Kp) should be captured, but in more
refined models the flexural (K;) and the axial
(K,) stiffness of the bearings are also intro-
duced in the model. These three stiffness
values can be calculated from the following
relationships:
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Seismic Analysis of Concrete Bridges: Numerical Modeling, Fig. 16 Lead rubber bearing (rectangular section)

and corresponding hysteresis law

Kn = GA/t, (10a)
Ky = 0.329E.1/t, (10b)
K, = EA/t, (10¢)

where t, is the thickness of the elastomer (not the
total height of the bearing) and the other symbols
have their usual meaning. The shear modulus
G can be taken as 0.9 MPa for static loading and
1.8 MPa for dynamic loading (rubber is a visco-
elastic material, i.e., its resistance increases with
the loading rate).

Special elastomeric bearings are those that
provide the high energy dissipation needed to
resist strong earthquakes. The most common
types used today are:

» High damping elastomeric bearings
» Lead-rubber bearings (laminated bearings
with lead core)

Bearings of the first category can provide
fairly high values of effective damping ratio
(Eefr = 10-25 %). The main concern about them
is durability, as rubber properties are known to
deteriorate with time; of course, companies
manufacturing them claim design lives appropri-
ate for normal uses. Lead-rubber bearings (LRB)
are laminated bearings with a cylindrical lead
core, as shown in Fig. 16; they are either circular
or rectangular. The selection of lead as the core

material is due to its high hysteretic energy dis-
sipation (“fat” elastoplastic hysteresis loops
under cyclic loading; see Fig. 16 right). In LRBs
the equivalent viscous damping ratio can reach
quite high values (in the range of 30 %). In
addition to damping, the lead core also provides
resistance to service lateral loads.

Modeling of special elastomeric bearings is
similar to that of common bearings as far as
stiffness is concerned (relationships 10), but the
additional damping has to be properly introduced
in the model. In all types of elastic analysis, a
viscous damping ratio higher than that of
reinforced concrete (5 %) is introduced, and the
corresponding spectra are used to derive the seis-
mic actions; in Eurocode 8 the ordinates of the
elastic spectrum for & # 5 % are estimated by
multiplying the reference spectrum by

n=1/"/5:5 2 040

The value of effective damping ratio to be used
can be estimated from (CEN 2005a)

Y

1

&eff = ﬁ

2Ep,;
Keffdgd

(12)

where XEp; is the sum of dissipated energies of
all special bearings 7 in a full deformation cycle at
the design displacement d.q and Kot = 2Ky,
i.e., the sum of the composite stiffnesses of the
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isolator unit and the corresponding substructure
(pier) i. For the specific case of LRBs, the dissi-
pated energy Ep; is calculated from the pertinent
elastoplastic hysteresis loop (Fig. 16 right).

An interesting type of special bearing, used
exclusively for seismic isolation, is the friction
pendulum shown in Fig. 17, wherein the sliding
surface of the bearing is concave; hence, the
restoring force is provided by the horizontal com-
ponent of the structure itself. Sliding on the con-
cave surface is resisted by friction of the contact
material which is PTFE (polytetrafluoroethylene,
most common commercial name Teflon); the fric-
tion coefficient is high initially (hence, no swaying
of the superstructure takes place under normal
loading conditions) but substantially higher under
high velocities induced by earthquake.

The articulation of the bridge, i.e., the
arrangement of the different types of bearings,
is a critical aspect of the design of the bridge, in
particular the seismic one. Figure 18 shows an

PTFE bearing material

Articulated friction slider

N

/

Spherical concave surface of hard
dense chrome over steel

Seismic Analysis of Concrete Bridges: Numerical
Modeling, Fig. 17 Friction pendulum bearing
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example of an actual railway bridge wherein a
seismic isolation approach was adopted, involv-
ing a combination of lead rubber bearings and
viscous fluid dampers; it is seen that the LRBs
located toward the end of the bridge are movable
horizontally, while free sliding pot bearings are
used at the abutments.

Supplemental Damping Devices

On several occasions involving large bridges, the
amount of damping that can be provided by real-
istic arrangements of special bearings is not suf-
ficient for limiting displacements to the required
limits (recall that long-span bridges are long-
period structures and when isolation is used
their fundamental period can become very long,
more than 3 s). In such cases a more efficient
solution can be the use of special damping
devices (separate from the bearings) that will
supplement the energy dissipation provided by
the bearings (high damping or LRB); alterna-
tively, common elastomeric bearings or friction
pendulum bearings can be used in combination
with the damping devices. The most commonly
used devices are

» Viscous fluid dampers
» Steel yielding devices

Viscous fluid dampers are based on the con-
cept (long used in the automotive industry) of
forcing through a piston a viscous fluid (usually
silicon oil) through an orifice. Another, more
recent, alternative are shear panels containing
high-viscosity fluids. The constitutive law of
such dampers is not restricted to the well-known
linear dependence on velocity (through C, the

LRB 231-200

LRB 231-200

LEGEND LRB 237255

+500/-350

Free Sliding POT Bearing
* El
DOMEN) .

Capacity 11000kN, +500/-400 mm
DISPLACEMENT CAPACITY
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(-) Towards the Abutment

Shear Key Movable Longitudinally
Capacity 4000kN, +550/-400 mm

Single-Action Fluid Viscous Damper
Capacity 4500kN, +550/-400 mm

Seismic Analysis of Concrete Bridges: Numerical Modeling, Fig. 18 Arrangement of bearings in a seismically

isolated railway bridge (Kappos et al. 2014)
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damping coefficient) but is often nonlinear, of the
form
Fp = C - [u]* - sgn(u) (13)
where Fp is the damping force and o is an expo-
nent between 0 and 1; o = 1 corresponds to
standard viscous damping, but in practical appli-
cations lower values are used since they lead to
higher Fp at lower velocities (e.g., in the bridge
shown in Fig. 18, o = 0.15 was selected for the
viscous dampers, which had C = 5,440 kN-s/m).
Modeling of viscous fluid dampers can be made
using two approaches: in the simpler approach,
appropriate for practice-oriented elastic analysis,
the dampers are substituted by an effective value
which is the sum of the basic damping &, (typically
5 %) and the contribution of the fluid dampers
(having exponent oo and damping coefficients C;).
Considering the fundamental mode of the bridge
(modal displacements ¢; at each mass m;) and
calculating the energy dissipated by the nonlinear
dampers in a cycle of sinusoidal motion, it can be
shown (Hwang 2002) that

Z Xe! d)lJrot
271:A1’°‘032—°‘Z m; 7
i

1+aeA
J

&eff = &0

(14)

where o is the circular frequency, 0; is the angle
of inclination of the damping device j, A is a
function of the exponent o (tabulated values of
A are given in FEMA 1997), and u; = Ao; (A is
the amplitude) are the actual displacements of the
masses m;.

Superstructure

Exterlor shear keylg, IO
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In a more involved, nonlinear, analysis, the
viscous dampers can be directly introduced in
the model at the particular locations of the bridge
wherein they are installed; such elements are
available in some software packages but are
rarely used in practical design.

Steel yielding devices provide an almost
elastoplastic hysteresis loop, and it is possible to
get a great variety of damping ratio values by
properly selecting the yield displacement and
post-yield stiffness ratio (hardening) of the isola-
tion system. They can be modeled either by
expressing the hysteretic energy dissipation as
an equivalent damping (by equating the area of
the hysteresis loop to that of the ellipse
representing viscous damping energy) or by
directly including yielding elements at the perti-
nent positions of the bridge (such elements are
available in most programs).

Shear Keys

Shear keys serve the purpose of preventing the
displacement of the bridge deck in a certain direc-
tion and can be located at several positions in a
bridge; a typical one is at the abutments for
blocking the transverse movement of the deck.
They can be either external as shown in Fig. 19
left (i.e., forming part of the seat) or as interior
short cantilevers interlocking with corresponding
grooves in the deck (Fig. 19 right); exterior shear
keys are preferable because they are easy to
inspect and repair. Shear keys might directly
bear on the surrounding part of the deck, imme-
diately blocking its movement, or be located at a
selected distance, forming a local joint (see sec-
tion “Joints” for modeling of joints).

Superstructure

Abutment_/

Interior shear _V
keys

Abutment _/

Seismic Analysis of Concrete Bridges: Numerical Modeling, Fig. 19 Exterior and interior shear keys in bridges

(Kappos et al. 2012)
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Modeling of shear keys should be consistent
with their design “philosophy,” i.e., whether the
shear key is meant to remain essentially elastic
for the entire range of seismic response of the
bridge considered in design, or a ‘“sacrificial”
element whose capacity should be limited with
a view to protecting other more critical and/or
more difficult to repair components of the bridge;
a popular design concept in California is that the
capacity of the shear keys should not exceed or be
close to the shear capacity of the piles (on which
the abutment is supported). Eurocode 8-2 (CEN
2005a) vaguely specifies that the design actions
for the seismic links (one type of which is shear
keys) should be derived as capacity design
effects, with the horizontal resistance of the bear-
ings assumed equal to zero, without explaining
how these effects should be derived (clearly one
possibility could be to relate the strength of shear
keys to that of piles, as mentioned previously).

The strength of shear keys can be derived from
sophisticated models such as strut and tie ones or
simplified ones, usually based on the shear fric-
tion concept. Bozorgzadeh et al. (2006) proposed
the following relationship for the nominal capac-
ity of a shear key:

L - cosa+ sina

V., =
! 1 — - tanP

'Auf 'fsu (15)

where s is a kinematic friction coefficient, B is
the angle of inclined face of the shear key (Fig. 19
left), o is the angle of kinking of the vertical bars
with respect to the vertical axis (recommended
value from test results 37°), and f,, is the
(ultimate) tensile strength of the vertical rein-
forcement that has an area A,;. Such models
strongly depend on the friction coefficient that
varies substantially depending on the detailing
of the shear key; for sacrificial keys with smooth
finishing of the concrete interface, p = 0.36 is
recommended (Bozorgzadeh et al. 2006), but for
properly detailed joints of adequate roughness,
much higher values apply (up to 1.4 for keys
monolithically cast with the abutment seat).
Having established a proper value for the
shear key strength, the key can be modeled sim-
ply as a rigid-plastic spring (or “link”) with a
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displacement capacity of around 100 mm or
using more sophisticated multilinear constitutive
laws with ascending and descending branches
(see more details in Kappos et al. 2012). In linear,
“code-type,” analysis, one usual option in the
USA is to carry out two analyses, one with and
one without thee shear keys (essentially one
assuming displacement is blocked in the pertinent
direction and one with the deck allowed to dis-
place freely).

Joints

Joints (also called expansion joints which is inap-
propriate when they are also designed for seismic
actions) are required to accommodate (with neg-
ligible resistance and noise) movements of the
deck due to:

» Thermal expansion/contraction
+ Shrinkage and creep of concrete
» Earthquake-induced horizontal movement

There are several types of joints (compression
seal, strip seal, finger plate, sliding plate, modu-
lar), each of them appropriate for up to a certain
design movement of the bridge. In bridges
designed for high seismic actions, the joint gap
might result as quite substantial (over 200 mm). It
is noted that current seismic codes like Eurocode
8-2 require the joint gap to satisfy

dgp = dg + dg + ,dr (16)
where dg is the long-term horizontal displace-
ment due to permanent and quasi-permanent
actions  (posttensioning,  shrinkage, and
creep), dr the displacement due to thermal
actions (\{r, = 0.5 for road bridges), and dg is
the seismic displacement calculated as
+npydee where dg. is the displacement derived
from the analysis for the seismic loading combi-
nation (with the design spectrum reduced by the
behavior factor q), pg is the design ductility
(g = q in the common case that the fundamental
period of the bridge T > T, = 1.25T. where T. is
the corner period of the design spectrum) and 7
is the damping correction factor for the design
spectrum (n = 1 for § = 5%).
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Seismic Analysis of Concrete Bridges: Numerical Modeling, Fig. 20 Pushover curves for the longitudinal
direction of an overpass bridge (Kappos and Sextos 2009); “E” denotes the design earthquake level

When large movements (dgq > 100 mm) have
to be accommodated, modular joints are used,
wherein sealing elements and rail elements are
coupled; in this case intermediate elements
(rails), supporting elements, and linkage ele-
ments (e.g., folding trellis) causing equal gap
widths are needed, and the total movement
accommodated by the joint is the sum of the
distances of the rails.

It is common practice in Europe to provide
substantial joint gaps (as well as ample seat
lengths) and make sure that the joints remain
open during the design earthquake, without car-
rying out specific verifications for the case that
the gap closes. In California, “dual” analysis is
the recommended (by Caltrans) practice, wherein
the bridge is analyzed assuming either free move-
ment or full restraint at the “compression end” of
the bridge (movement is always free at the “ten-
sion end” where the deck moves away from the
abutment) and taking the most unfavorable
response quantities from either set of analyses;
clearly this is conservative and might result in
increased costs. Another interesting difference
in US and European practice is that restrainers
(either cables or bolt linkages, the bolts passing
through holes in the deck) are often used at the

joints of US (and New Zealand) bridges, with a
view to preventing unseating during earthquakes
stronger than the design one. In Europe this is
seen as an option mainly in retrofitting of existing
bridges with insufficient seating lengths.

Modeling of joints in seismic analysis is
essential, since the bridge boundary conditions
are drastically different when joints are open or
closed. For instance, in the longitudinal direction
of the bridge, there are at least two joints at the
ends (over the seat-type abutments) that are
essential for accommodating “non-seismic” dis-
placements (dg and dr); when either of these
joints closes during the earthquake, substantial
forces are transferred to the abutment-backfill
system (see section “Abutments and Backfills”
and Fig. 20 later in this section), and the horizon-
tal forces developed in the bridge-abutment-
backfill system can be much higher than those
developed when longitudinal movement was
free.

Proper modeling of joints requires nonlinear
analysis using the gap (or other special link)
elements currently available in most software
packages. This element is often combined in
series with the spring (or link) elements modeling
the bearings and/or shear keys at the abutment.
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It is noted that although the gap element has an
elastic behavior subsequent to gap closure, the
analysis of the bridge is nonlinear, as the bound-
ary conditions change during the analysis. The
importance of capturing the effect of joint closure
on the seismic behavior of a bridge can be seen in
Fig. 20, where pushover curves are given for the
longitudinal direction of a typical overpass
(whose abutment system is shown in Fig. 12).
Recall that two different soil conditions were
studied; this has a noticeable effect on the initial
stiffness of the bridge, but as soon as the longi-
tudinal gap (120 mm in this case) closes, a dras-
tic increase in both stiffness and strength is
noticed, as the abutment-backfill system is now
activated. The final failure of the bridge is esti-
mated to take place during this second stage of
the response (at a displacement of almost twice
the gap length) and 1is attributed to
unrecoverable damage to the soil behind the
abutment (50 % loss in strength), while the
piers are still well within their rotational capac-
ity (35-49 %). A different failure mechanism
(exceedance of available ductility of piers)
would have been predicted had the end support
been simulated as longitudinal restraint (as per
the Caltrans simplified approach).

Bridge Analysis Methods
Methods of analysis can be classified as:

+ Elastic (equivalent) static
+ Elastic dynamic (response spectrum)
+ Inelastic static (pushover)
 Inelastic dynamic (response history)

The basics of all these methods are presented
in a series of articles in the encyclopedia and will
not be repeated herein. Instead, some aspects of
analysis (other than member modeling that was
presented in section “Modeling of Bridge Com-
ponents”) specific to concrete bridges will be
briefly described, and the current trends in
nonlinear static (pushover) analysis of bridges
(not covered elsewhere here) will also be
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presented. These will be followed by a case
study involving application of different analysis
method to an actual concrete bridge.

Code-Prescribed Analysis of Concrete Bridges
Among the important documents (codes-
guidelines) for the analysis of concrete bridges
are those regularly published by Caltrans (2013,
latest version) and the ACI ( 2014, latest version)
in the USA and Eurocode 8-2 (CEN 2005a) in
Europe. Concrete bridges are the sole type cov-
ered in the ACI Report 341.2, while the Caltrans
Criteria and Eurocode 8-2 also cover bridges
made of other materials (steel and composite).
For retrofitting of bridges a comprehensive doc-
ument is the FHWA (2006) Manual. Some key
aspects of these documents specific to the analy-
sis of concrete bridges are discussed in the fol-
lowing. Other important sections relevant to the
design of concrete bridges are those prescribing
the procedures for resistance verification of
reinforced concrete sections and the detailing of
R/C members (piers, abutments, and retaining
walls), which fall beyond the scope of this entry
that focuses on modeling for structural analysis.
Of course, calculation of R/C member strength
and ductility (especially for piers) is essential for
nonlinear analysis of concrete bridges; aspects of
this issue are covered in the case study presented
later in section “Comparative Case Study.”

» All types of analysis are permitted for concrete
bridges, the equivalent static procedure being
subject to a number of limitations regarding
the effect of higher modes; this type of analy-
sis is usually suitable for the longitudinal
direction of straight bridges, which is domi-
nated by a single mode (that is often the fun-
damental mode of the bridge). Three versions
of the method (Rigid Deck Model, Flexible
Deck Model, Individual Pier Model) are pre-
scribed by Eurocode 8-2 (see basic aspects of
these methods in Vayas-Iliopoulos (2014)).
The reference method in practical design is
the (elastic) dynamic response spectrum anal-
ysis, while nonlinear methods are only used in
practice for the verification of the design of
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some important bridges that have initially
been designed using response spectrum anal-
ysis. Nonlinear methods are much more com-
mon in the case of assessment of existing
bridges. The FHWA (2006) Retrofit Manual
provides sufficient guidance (especially with
respect to estimating strength and deformation
capacity) for the application of both the push-
over and response-history analysis methods,
which are covered more briefly in Eurocode

8-2; notably, assessment of existing bridges is

not currently covered by the Eurocode pack-

age (it is one of the issues that will be added at
the next stage of development).

Application of elastic methods to bridges is

the same as for other structures, but there are

two aspects specific to concrete bridges that
have to be properly addressed:

— In most concrete bridges both prestressed
and ordinary (non-prestressed) concrete are
used, the former for the deck, the latter for
the piers and abutments. The damping ratio
¢ is different for these two materials
(primarily due to the different degrees of
cracking in each), i.e., 5 % for reinforced
concrete and 2 % for prestressed concrete.
In EC8-2 this is accounted for by consider-
ing the response spectrum for an equivalent
damping ratio:

o= & Eq

‘7 XEy

a7

where Ey; is the deformation energy induced
in member i by the seismic action. This
quantity is not a standard output of common
structural analysis programs, and in order to
avoid ad hoc spreadsheet calculations,
designers often prefer to simply use an aver-
age value of 3.5 %. It is worth noting here
that Eg; is not the energy dissipation through
yielding mechanisms, but rather refers to the
pre-yield state; hence, it is not appropriate to
consider a spectrum for & = 5 % on the basis
that only reinforced concrete members yield
and dissipate energy (prestressed concrete
decks remain quasi-elastic as already men-
tioned in section “Deck”).
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— The most important factor in reducing the
elastic response spectrum to the design one
(which is, in fact, an inelastic spectrum
except when elastic response is foreseen
for the design seismic action) is the force
reduction factor, called behavior factor
(q) in Eurocode 8 and response modifica-
tion factor (R) in the US codes. Values for q
for concrete bridges depend on whether the
bridge is designed as ductile or “limited
ductile.” For ductile concrete bridges with
vertical piers (working in prevailing bend-
ing) q = 3.5\(a5), where A(as) = 1.0 for
(os) > 3 (as = L/}, is the shear span ratio
of the pier, where L, is the distance from
the plastic hinge to the point of zero
moment and % is the depth of the cross
section in the direction of flexure of the
plastic hinge) and (o) = V(a/3) for
3 > (o) > 1. For ductile concrete bridges
with piers consisting of inclined struts (e.g.,
V shaped), q = 2.1A(a). For limited duc-
tile concrete bridges, the corresponding
values are 1.5 (vertical piers) and 1.2
(inclined struts). For abutments rigidly
connected to the deck (integral bridges)
q = 1.5, except in “locked-in” structures,
i.e., bridge structures whose mass essen-
tially follows the horizontal seismic motion
of the ground (hence, they do not experi-
ence significant amplification of the hori-
zontal ground acceleration), in which case
q = 1. These values, as well as similar ones
specified by the American Code (AASHTO
2010), are in many cases conservative. In a
recent study evaluating the actual force
reduction factors for existing bridges in
Europe, Kappos et al. (2013) found that in
all bridges studied the available q values
were higher than those used for design in
both the longitudinal and transverse direc-
tions. In fact, in many cases the code-
specified values (in particular those of
AASHTO for single-column bents) seem
to significantly underestimate the actual
energy dissipation capacity of concrete
bridges. Seen from another perspective,
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this is a clear indication that modern brid-
ges possess adequate margins of safety and
are able to withstand seismic actions that
are often substantially higher than those
used for their design. This high perfor-
mance is due to their ductility, as well as
their overstrength; previous studies that
have ignored the latter led to unrealistically
low estimation of g-factor values.

Nonlinear Static Analysis of Concrete Bridges
Interesting and useful work has been carried out
in the last decade on nonlinear (inelastic) static,
also known as pushover, analysis of bridges; nev-
ertheless this is clearly less than that for build-
ings. A recent book presenting all available
methods for pushover analysis of bridges is that
by Kappos et al. (2012), which also includes a
substantial number of case studies involving the
comparative application of several methods. Due
to space limitations, only one approach will be
presented herein which, in the writer’s opinion,
combines sufficient accuracy with relatively lim-
ited effort and the possibility to be applied using
available (commercial) software tools, with very
limited need for additional spreadsheet calcula-
tions; in fact, software for “single-run” applica-
tion of the method is currently at an advanced
level of development. The method is usually
referred to as (multi-)modal pushover analysis
(MPA); it was presented in a comprehensive
form for buildings by Chopra and Goel (2002)
and was extended to bridges by Paraskeva
et al. (2006). The key idea is to perform multiple
pushover analyses of the structure, one for each
significant mode, and combine statistically the
resulting displacements and rotations. The steps
involved in the latest version of the method
(Paraskeva and Kappos 2010), which includes a
number of improvements, are summarized in the
following.

Step I: Compute the natural periods, T,, and
mode shapes, &, for linearly elastic vibration
of the structure.

Step 2: Carry out separate pushover analyses for
force distribution sn* = m-¢$p, for each
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significant mode of the bridge and construct
the pushover curve (base shear Vi,
vs. displacement u,, of the “control” or “mon-
itoring” point) for each mode; s, are loading
patterns; hence, the relative significance of
each mode is not accounted for at this stage;
this will be done at Step 5, through the target
displacement for each modal pushover analy-
sis. Gravity loads are applied before each
MPA and P-A effects are included, if signifi-
cant (e.g., in bridges with tall piers).

Step 3: The pushover curve must be idealized as a
bilinear curve so that a yield point and ductil-
ity factor can be defined and subsequently
used to appropriately reduce the elastic
response spectra representing the seismic
action considered for assessment. This ideali-
zation can be done in a number of ways, some
more involved than others; it is suggested to
do this once using the full pushover curve (i.e.,
analysis up to “failure” of the structure,
defined by a drop in peak strength of about
20 %) and the equal energy absorption rule
(equal areas under the actual and the bilinear
curve). It is noted that the remaining steps of
the methodology can be applied even if a
different method for producing a bilinear
curve is used.

Step 4: Several procedures are available (FEMA
1997; Chopra and Goel 2002; CEN 2004, all
referring to buildings) for defining the earth-
quake displacement demand associated with
each of the pushover curves derived in Step
3. Paraskeva et al. (2006) adopted the capacity
and demand spectra procedure based on
inelastic demand spectra (Fajfar 1999);
hence, Step 4 consists in converting the ideal-
ized Vp, — u, pushover curve of the multi-
degree-of freedom (MDOF) system to a
“capacity diagram” (Fig. 21). The base shear
forces and the corresponding displacements
in each pushover curve are converted to spec-
tral acceleration (S,) and spectral displace-
ments (S4), respectively, of an equivalent
single-degree-of-freedom (SDOF) system,
using the relationships (Chopra and Goel
2002):
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wherein ¢, is the value of ¢, at the control
(or “monitoring”) point, M; =L, - I';, is the
effective modal mass, with L, = (bgm -1,
I', =L,/M, is a mass participation factor,
and M, = d)gm - ¢, is the generalized mass,
for the nth natural mode. For inelastic behav-
ior, estimation of the displacement demand at
the monitoring point is made with the aid of
inelastic spectra.

Step 5: Since the displacement demand calcu-

lated in Step 4 (for each mode) refers to
SDOF systems with periods equal to those of
the corresponding modes, the next step is to
correlate these displacements to those of the
actual bridge. Hence, Step 5 consists in
converting the displacement demand of the
nth mode inelastic SDOF system to the peak
displacement of the monitoring point, u., of
the bridge, using Eq. 18b. The selection of this
point is a critical issue for MPA of bridges,
and as discussed by Paraskeva et al. (2006),
several choices of monitoring point are
acceptable as long as the derived pushover
curve has a reasonable shape, but they do not

Seismic Analysis of Concrete Bridges: Numerical Modeling, Fig. 21 Idealized pushover curve of the nth mode of
the MDOF system and corresponding capacity curve for the nth mode of the equivalent inelastic SDOF system

lead to equally good results as far as the final
response quantities are concerned. For practi-
cal purposes, a good selection is the deck point
above the most critical support (pier or abut-
ment) of the bridge.

Step 6: In this step, a correction is made of the

displacement of the monitoring point of the
bridge, which was calculated at the previous
step. The correction is necessary only for cases
that significant inelasticity develops in the
structure. If the structure remains elastic or
close to the yield point, the MPA procedure
suggested by Paraskeva et al. (2006) is used to
estimate seismic demands for the bridge. The
response displacements of the structure are
evaluated by extracting from the database of
the individual pushover analyses the values of
the desired responses at which the displace-
ment at the control point is equal to u., (see
Eq. 18b). These displacements are then
applied to derive a new vector ¢, which is
the deformed shape (affected by inelastic
effects) of the bridge subjected to the given
modal load pattern. The target displacement at
the monitoring point for each pushover analy-
sis is calculated again with the use of ¢/,
solving Eq. 18b for u.,’, and recalculated I',,

using &,

Step 7: The response quantities of interest

(displacements, plastic hinge rotations, forces
in the piers) are evaluated by extracting from
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the database of the individual pushover ana-
lyses the values of the desired responses r,,
due to the combined effects of gravity and
lateral loads for the analysis step at which the
displacement at the control point is equal to
Ucn (OI' ucn’)-

Step 8: Steps 3—7 are repeated for as many modes
as required for sufficient accuracy; there is
little merit in adding modes whose participa-
tion factor is very low (say less than 1 %), and
application of the method to a number of brid-
ges shows that it is not necessary to assure that
the considered modes contribute to 90 % of the
total mass.

Step 9: The total value for any desired response
quantity (and each level of earthquake inten-
sity considered) can be determined by com-
bining the peak “modal” responses r,, using
an appropriate modal combination rule, e.g.,
SRSS or CQC. This simple procedure is used
for both displacements and plastic hinge rota-
tions, which are the main quantities commonly
used for seismic assessment of bridges. If
member forces (e.g., pier shears) have to be
determined accurately, a more involved pro-
cedure of combining modal responses should
be used, consisting in correcting the bending
moments at member ends (whenever yield
values were exceeded) on the basis of the
relevant moment versus rotation (M — 0) dia-
gram and the value of the calculated plastic
hinge rotation; this procedure blends well with
the capabilities of currently available
software.

Comparative Case Study

The overpass shown in Fig. 2 (some aspects of its
modeling were discussed in section “Modeling of
Bridge Components”) has three spans and total
length equal to 100 m, typical in modern motor-
way construction. Piers have a cylindrical cross
section, while the pier heights are 8 m and 10 m.
The deck is monolithically connected to the piers,
while it rests on its two abutments through elas-
tomeric bearings; movement in both the longitu-
dinal and transverse directions is initially allowed
at the abutments, but transverse displacements
are restrained whenever the 150 mm gap shown
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at the bottom of Fig. 2 is closed. The Greek
Seismic Code design spectrum (similar to that
of EC8) scaled to a PGA of 0.16 g was used for
seismic  design. The design spectrum
corresponded to ground category “B” (close to
ground “C” in the final version of EC8 (CEN
2004)). The bridge was designed as a ductile
structure (plastic hinges expected in the piers)
for a behavior factor q = 2.4.

The bridge was analyzed applying a number of
popular assessment procedures, i.e.:

* Modal analysis

o “Standard” pushover analysis (SPA) (first
mode loading)

» Pushover analysis for a “uniform” loading
pattern (as required by Eurocode 8 (CEN
2004) and by the ASCE Standard 41-06
(ASCE/SEI 2007))

* Modal pushover analysis (MPA) as proposed
in Paraskeva et al. (2006)

e Improved modal pushover analysis as pro-
posed by Paraskeva and Kappos (2010)

» Nonlinear response-history analysis (NRHA),
for artificial records closely matching the
demand spectrum (see Paraskeva et al. 2006)

All inelastic analyses were carried out using
the SAP2000 software package (CSI2011). Plas-
tic hinging in the piers had to be modeled slightly
differently in the NRHA and the pushover analy-
sis, due to limitations of the software used. More
specifically, nonlinear rotational spring elements
were used in the finite element models used in
NRHA, while the built-in beam hinge feature of
SAP2000 was implemented in the models set up
for pushover analysis. In both cases, though, the
same moment versus rotation (M-6) relationship
was used (i.e., bilinear with 2-6 % hardening,
depending on the calculated ultimate moment),
with input parameters defined from fiber analysis
performed for each pier section, utilizing the
in-house  developed  computer  program
RCCOLA-90.

Nonlinear Static Analysis
The dynamic characteristics of the bridge were
determined using standard modal (eigenvalue)
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mode2: T,=0.65s, M,*/M,,=31.6%
@ @ )

model mode2 mode3
Xcentre mass’/ (total length) (a) 0.50 0.50 0.50
Xgpor/(total length) (b) 0.73 0.08 0.44
Xmax(total length) (¢) 1.00 0.00 0.50
Xeritical pier/ (tOtal length) -~ (d)  0.73 0.27 0.27

Seismic Analysis of Concrete Bridges: Numerical Modeling, Fig. 22 Modal force distribution, location of the
equivalent SDOF systems, and modal parameters for the main transverse modes of the overpass bridge

analysis. Figure 22 illustrates the first three trans-
verse mode shapes of the overpass bridge,
together with the corresponding participation fac-
tors and mass ratios, as well as the locations of
alternative monitoring points for each mode.
Consideration of the modes shown in Fig. 22
assures that more than 90 % of the total mass in
the transverse direction is considered. For MPA,
applying the modal load pattern of the nth mode
in the transverse direction of the bridge, the
corresponding pushover curve was constructed
and then idealized as a bilinear curve (Fig. 21).
As noted under Step 4 of the MPA procedure (see
section “Nonlinear Static Analysis of Concrete
Bridges”), the inelastic demand spectra method
was used for defining the displacement demand
for a given earthquake intensity.

Figure 23 illustrates the deck displacements of
the bridge derived using pushover analysis for
each mode independently, as well as the MPA
procedure initially proposed in Paraskeva
et al. (2006). If the structure remains elastic for
the given earthquake intensity, both spectral dis-
placement S, and the product I',,-db,, will be inde-
pendent of the selection of the control
(monitoring) point; this means that deck displace-
ments are independent of the location of the mon-
itoring point. On the contrary, it was found that
deck displacements derived with respect to dif-
ferent control points, for inelastic behavior of the

structure, are not identical but rather the esti-
mated deformed shape of the bridge depends on
the monitoring point selected for drawing the
pushover curve for each mode.

For inelastic behavior, it appears that the esti-
mated values of u,, are different not only because
of the deviation of the elastic mode shape &,
from the actual deformed shape of the structure
but also due to the fact that the spectral displace-
ment Sy is dependent on the selection of monitor-
ing point if the structure exhibits inelastic
behavior (due to the bilinearization of the capac-
ity curve). An improved target displacement of
the monitoring point is calculated (from Eq. 18b)
using ¢/, the actual deformed shape of the struc-
ture (see Fig. 23), while the spectral displacement
remains the same. The response quantities of
interest are evaluated by extracting from the
“database” the values of the desired responses,
1, for the analysis step at which the displacement
at the control point is equal to u.,” (the improved
estimate of u,, derived on the basis of ¢,’).

Figure 24 illustrates the deck displacements of
the overpass bridge, calculated from MPA using
u., as target displacement for each mode. It is
noted that, due to the approximations involved in
the capacity and demand spectra procedure, deck
displacements derived with respect to different
control points are not the same, but differences
are significantly reduced and results are deemed
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Seismic Analysis of
Concrete Bridges:
Numerical Modeling,
Fig. 23 “Modal” deck
displacements derived with
respect to different control
points — inelastic behavior
of the overpass bridge

(A, =0.16g)

Seismic Analysis of
Concrete Bridges:
Numerical Modeling,
Fig. 24 “Modal” deck
displacements derived with
respect to different control
points using u,,,’ as target
displacement according to
the improved MPA
procedure — overpass
bridge (A, = 0.16 g)
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acceptable for all practical purposes. Paraskeva
and Kappos (2010) also studied other bridges
with different configurations and noted that the
differences between deck displacements derived
with respect to different control points, as well as
the improvement in the prediction of deck
displacements using the procedure described
in section “Nonlinear Static Analysis of Concrete
Bridges,” are more significant in bridges
longer than the overpass of Fig. 2, especially
if the increased length is combined with signifi-
cant curvature in plan, which amplifies the
complexity of its dynamic behavior and results
in more significant contribution of the higher
modes.

Reliability of Static Analysis Procedures

Results of the standard and modal pushover
approaches were evaluated by comparing them
with those from nonlinear response-history

analysis, the latter considered as the most rigor-
ous procedure to estimate seismic demand.
To this effect, a series of NRHAs was performed
using five artificial records compatible with the
design elastic spectrum. The Newmark y = 1/2,
B = 1/4 integration method was used, with time
step At = 0.0025 s and a total of 10,000 steps
(25 s of input). A uniform damping value of 5 %
was assumed for all modes of vibration, while
hysteretic damping was accounted for through
the elastoplastic behavior of the structural
members.

The displacements determined by the SPA and
MPA procedures were checked against those
from NRHA for increasing levels of earthquake
excitation, as shown in Fig. 25. It is noted that the
deck displacements shown in the figures as the
NRHA case are the average of the peak displace-
ments recorded in the structure during the five
response-history analyses. In this study the
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displacement demand was estimated indepen-
dently in static and dynamic (response-history)
inelastic analysis, whereas in some previous stud-
ies comparisons of displacement profiles were
made assuming the same maximum displacement
in both cases; the choice adopted here is deemed
as more relevant for practical applications, as it
permits an evaluation of all aspects of the pro-
posed procedure (including the uncertainty in
estimating displacement demand in pushover
analysis).

As shown in Fig. 25, the MPA procedure pre-
dicts well (i.e., matches closely the values from
the NRHA approach) the maximum transverse
displacement. On the other hand, the SPA proce-
dure underestimates the displacements of the
deck at the location of the abutment Al and the
first pier of the bridge, compared to the more
refined NRHA approach. This is not surprising
if one notes the differences between the first two
mode shapes in the transverse direction (Fig. 22),
which are strongly affected by torsion (they con-
tribute more than 90 % of the torsional response,
as well as over 90 % of the transverse response of
the bridge) due to the unrestrained transverse
displacement at the abutments (until the
150 mm gap closes), combined with the different
stiffness of the two piers caused by their different
height. What is essentially achieved by the MPA
is the combination of these first two modes (the
3rd transverse mode is not important in this par-
ticular bridge), each of which dominates the
response in the region of the corresponding abut-
ment. In the case of applying ground motions
with twice the design earthquake intensity (also
shown in Fig. 25), where the structure enters
deeper into the inelastic range and higher mode
contributions become more significant (without
substantial alteration of the mode shapes), it is
noted that the displacement profile derived by the
MPA method tends to match that obtained by the
NRHA, whereas SPA predictions remain poor.
Note that, regardless of earthquake intensity, the
uniform loading pattern (also shown in Fig. 25)
fails to capture the increased displacements
toward the abutments; nevertheless its overall
prediction of the displacement profile could be
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deemed better than that resulting from using a
single modal load pattern.

Additional case studies reported by Paraskeva
and Kappos (2010) confirm that SPA predicts
well (i.e., matches closely the values from the
NRHA approach) the maximum transverse dis-
placement, when applied to bridges of regular
configuration, where the higher mode contribu-
tion is not significant. In such cases the improve-
ment of the displacements derived by the MPA
procedure is not significant even for high levels of
earthquake excitation.

Summary and Concluding Remarks

It is clear that today the bridge engineer has at
his/her disposal a set of powerful analysis tools
that can be used for the seismic design or assess-
ment of any bridge type. The potential of these
tools, when properly utilized, was revealed by
their success in predicting the response of bridges
tested under high levels of earthquake actions
that caused substantial amounts of inelasticity;
an example was presented in section “Compara-
tive Case Study.” The information on bridge
modeling presented in section “Modeling of
Bridge Components” offers to researchers and
designers the necessary information regarding
the available models for the various parts of the
bridge (deck, bearings and shear keys, isolation
and energy dissipation devices, piers, foundation
members), as well as tools for modeling the
dynamic interaction between piers, foundation,
and soil, as well as the abutment-embankment-
superstructure system. It also provides informa-
tion on important parameters that help ensuring
that inelastic analysis of bridge earthquake
response is conducted properly. It has to be
emphasized in this respect that the power and
versatility of the analysis tools also makes the
results particularly sensitive to improper
application.

Special emphasis was given to modeling of
piers (section “Piers and Their Foundations™), as
these members are both the ones wherein energy
dissipation through plastic hinging is intended to
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occur (unless a seismic isolation system is used)
and those whose inelastic response is relatively
easier to model in inelastic analysis (compared,
for instance, to the abutment-backfill system or
some foundation types or, indeed, some types of
joints). Having said this, it is also clear from the
material presented in this entry that proper
modeling of the other components of the bridge,
even those that are typically assumed to remain
elastic during the seismic excitation (such as
prestressed concrete decks), is also important,
since, through their stiffness characteristics,
they affect the dynamic characteristics of the
bridge and the way seismic actions are transferred
to the dissipating zones. Of great importance is
also the modeling of the various connections in
the bridge system, i.e., those between piers and
deck, abutments and deck, and, in the common
case (especially in the transverse direction) that
the movement of the deck is restrained at the
location of the abutment, the proper modeling of
the response of the abutment-backfill system. As
noted in section “Abutments and Backfills,” in a
practical context and when the main objective of
the analysis is the response of the bridge itself
(rather than that of the surrounding ground), the
recommended solution is to carry out an indepen-
dent analysis of the abutment-embankment sys-
tem, determine its resistance curves (in all
relevant directions), and use them to describe
the nonlinear response of the equivalent springs
to which the bridge model will be connected. If
such an analysis cannot be afforded, the
properties of these springs can be defined on the
basis of simplified guidelines from the literature.
For pier-foundation-soil interaction, the existing
literature is more mature and often it is not nec-
essary to carry out separate analysis of the system
to derive the nonlinear properties of the soil-
foundation dynamic impedance to be introduced
in the bridge model, especially when surface
foundations are used; in these cases information
from the literature can be used to account approx-
imately for the interaction with the surrounding
ground.

Regarding the feasibility and reliability of dif-
ferent methods used for the analysis of concrete
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bridges, these depend primarily on the configura-
tion of the bridge analyzed. As a rule, the longi-
tudinal direction of the bridge is the easier one to
analyze, and even simple, equivalent static elastic
methods can lead to a reasonable design. In most
other cases dynamic analysis is required to prop-
erly capture the higher mode effects that are
important, especially in the areas close to the
abutments. When the expected plastic mecha-
nism does not involve more-or-less uniform
yielding in the energy dissipation zones of the
bridge (this is the case of irregular pier configu-
rations), inelastic  analysis is  strongly
recommended for verifying the design initially
carried out using standard modal (response spec-
trum) analysis. Nonlinear analysis is clearly the
preferred choice in the case of assessing existing
bridges not properly detailed for seismic perfor-
mance; for such bridges the simplest choice is
standard pushover analysis, but whenever more
than one mode affects the response (this is very
often the case in the transverse direction of the
bridge) more sophisticated tools like the
multimodal pushover method presented in sec-
tions “Nonlinear Static Analysis of Concrete
Bridges” and “Comparative Case Study” have
to be used. The use of such analytical tools is
expected to increase when the software required
for applying them in a single run becomes widely
available.
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mic analysis; Unreinforced masonry

Introduction

Masonry building construction encompasses the
large inventory of structures built worldwide
solely or partially of individually laid masonry
units bonded or not together with some type of
mortar, possibly with the incorporation of rein-
forcement; depending on the constituent mate-
rials, stacking, and bonding techniques,
different technologies are adopted for building
the masonry elements that comprise the entire
building; thus, materials and techniques adopted
worldwide vary with local customs, socioeco-
nomic conditions, and available technology.
A comprehensive continuously updated descrip-
tion of the different materials and technologies of
construction around the world is given in the
World Housing Encyclopedia (EERI/IAEE).
Because of their widespread use, masonry
structures house not only the population but also
important social and economic operations such as
hospitals and schools, high congregation areas,
business, small to medium industry, and civil

2575

administration (UNIDO 1983); furthermore,
being historically one of the earliest forms of
construction, they also house the people’s cul-
tural heritage, most often being such by them-
selves (Figs. 1, 2, 3, and 4).

Due to their geographic spread, masonry
structures are exposed to different levels of seis-
mic hazard; in fact, a significant portion of cul-
tural heritage structures are located in earthquake
prone-areas of Europe, Asia, and South America.
Recent devastating earthquakes (e.g., in New
Zealand, Italy, Chile, India, Pakistan, and else-
where) have shown that existing masonry struc-
tures are quite vulnerable to seismic actions, as
also recorded in many seismic damage reconnais-
sance reports published after major earthquakes
(e.g., among others, Hughes et al. 1990; Rossetto
et al. 2009; DesRoches and Comerio 2011).

As a consequence of this fact, social and eco-
nomic requirements for human safety and opera-
bility as well as the need for preservation of
cultural heritage require more and more often
that these structures be analyzed for seismic
actions, in order to be designed (new construc-
tion), or their seismic vulnerability can be
assessed and evaluated (existing construction)
for the purpose of repair, rehabilitation, and/or
strengthening to current seismic standards. The
seismic performance assessment of existing
masonry buildings also follows performance-
based design (PBD) and analysis procedures,
similar to other types of structures (e.g., concrete
and steel buildings): hence, in the design of new
construction, normative regulations, practices,
and experience of good seismic performance
have been encompassed (e.g., EC6 2005 for grav-
ity load design and EC8 2004 for seismic design).
On the other hand, codes and guidelines are being
drafted for the assessment and retrofit of existing
masonry buildings (e.g., FEMA-356 2000) or for
cultural heritage structures (Moro 2007;
ICOMOS; ISCARSAH).

Compared to the more recently evolved types
of construction like steel and reinforced concrete,
however, masonry buildings have certain inher-
ent idiosyncrasies, which their modeling for seis-
mic analysis should account for:
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Seismic Analysis of Masonry Buildings: Numerical
Seismic Analysis of Masonry Buildings: Numerical Modeling, Fig. 3 The Alcantara bridge (104 AD), Spain
Modeling, Fig. 1 The stone masonry castle of Mycenae, ~ (Source: http://en.wikipedia.org/wiki/Roman_bridge)
Peloponnese, Greece, 2nd millennium BC (Source http://
en.wikipedia.org/wiki/Mycenae)

Seismic Analysis of Masonry Buildings: Numerical Seismic Analysis of Masonry Buildings: Numerical
Modeling, Fig. 2 The Byzantine church of Hagia Sophia Modeling, Fig. 4 The Aoos river bridge (eighteenth

(360 AD), Istanbul, Turkey century), Hepirus, Greece

(i) Masonry buildings are both non-engineered, ASCE 2013; EC6 2005). In addition to the
namely, structures built with traditional possible lack of proper design, they are also
means and experience, and engineered, characterized by the usual problems in the
namely, structures designed and constructed load-bearing system similar to other struc-
following engineering principles and, more tures, such as: irregularities in plan and/or
recently, code regulations (e.g., EC6 2005; elevation, improper foundation conditions,
EC8 2004). In fact, earlier engineered a history of (possibly undocumented) mod-
masonry buildings have been designed for ifications in plan and elevation, and the
gravity loads only; only some types of decay of the material properties under envi-
recent masonry construction, following the ronmental exposure.

evolution of seismic regulations, have also  (ii) Depending on the prevailing socioeconomic
been designed for earthquake (IAEE 2008; conditions, masonry buildings are and have
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Seismic Analysis of Masonry Buildings: Numerical Modeling, Fig. 5 Residential masonry buildings in Greece,
built in the nineteenth and early twentieth century, reflecting different levels of socioeconomic status

been constructed using a variety of locally
available technologies and materials (Fig. 5).
Often, currently acceptable levels of quality
control and supervision were not enforced.
New masonry buildings in developed coun-
tries may use units manufactured industrially
and with quality control; this is not the case for
existing buildings in all countries or new
masonry construction in underdeveloped
countries (see typical examples offered in the
World Housing Encyclopedia, EERI/IAEE).
Masonry, unless suitably reinforced or con-
fined, as in the case of new construction,
cracks and fails in a brittle manner. Seismic
analysis methods for existing or historical
unreinforced masonry buildings need to
take this fact into account.

Masonry buildings suffer from structural
inadequacies in the load-bearing system
inherent in this type of construction, such
as: the presence of diaphragms which are

(iii)

(iv)

poorly connected to the masonry for lateral
load transfer, the relatively high flexibility
of the floor diaphragms, and the way the
masonry wall elements are constructed and
tied together through the thickness and/or at
their intersections. Seismic analysis model-
ing techniques should not overlook these
particularities, if the analysis results are to
be reliable.

Depending therefore on the problem at hand,
reliable modeling for seismic analysis of masonry
structures will have to account of these building
characteristics, in order to reliably predict the
damages expected and to identify the methods
and extent of intervention required for strength-
ening these structures. Following a brief review
of masonry building characteristics, the methods
and limitations of different methodologies
adopted for the seismic analysis of masonry con-
struction are subsequently considered.
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Modeling Techniques for Seismic
Analysis of Masonry Buildings:
Classification and Definitions

Masonry Materials Used

According to the type of masonry units
employed, masonry is classified as stone masonry
(Fig. 5), industrially manufactured clay brick
(solid, hollow), site-produced mud brick or plinth
(also known as adobe masonry), or industrially
manufactured hollow or solid concrete masonry
units (CMU) in fully, partially grouted, or
ungrouted construction. Other industrially
manufactured types of block are also used world-
wide such as lightweight concrete, cinder, fly ash,
or autoclaved concrete, among others. Depending
on the type of construction, reinforcement is also
used to enhance the bearing capacity of masonry
elements and to provide ductility to the structure.
Another construction system (covered by modern
codes, e.g., EC6 2005) is that of confined
masonry: horizontal and vertical reinforced con-
crete elements are provided, at distances
depending on the dimensions of the building
and on the seismicity of the region. The ties,
constructed during the construction of the
masonry, function as linear tensioned members.

They assist masonry in taking shear and bending
(in and out of plane) while they also contribute to
the confinement of plain masonry, thus enhanc-
ing the ductility of the system.

In cultural heritage buildings in Europe and
elsewhere, most frequent construction types of
stone masonry are double-leaf masonry, made of
two leaves, either independent or connected
between them with sporadic header stones
(Fig. 6), and three-leaf masonry, made of two
independent leaves, with the space between
them being filled with a more or less loose
material of poor mechanical properties. Other
types of masonry, like cavity masonry or timber
reinforced one, are also quite frequent in historic
structures.

Finally, the material that bonds the masonry
units together may be none (also called dry con-
struction), mud, or different types of mortar such
as lime, lime—pozzolan, lime mortar reinforced
with animal hair, or, in case of modern masonry
construction, cement or lime—cement.

Load-Bearing Function of the Masonry

The type of load path of the vertical and trans-
verse loads down to the foundation defines two
basic types of masonry:

Seismic Analysis of Masonry Buildings: Numerical
Modeling, Fig. 6 Unreinforced masonry construction
technologies. (a) Dry masonry construction (Tiryns,

Argos, -Peloponnese, thirteenth to fourteenth century
BC). (b) Double-leaf masonry wall. (¢) Three-leaf rubble
stone masonry. (d) Cavity wall (Van, Turkey)
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(i) Load-bearing (LB) masonry, bearing all
the gravity and lateral loads from floors and
roof to the foundation. Thus, the masonry
elements themselves are responsible to pro-
vide overall lateral stability and to transfer
the seismic inertia loads under in-plane and
out-of-plane actions, down to the foundation,
through combined flexural, axial, shear, or
rigid body rocking mechanisms. Seismic
analysis of this type of masonry involves
adequate modeling of the entire load-bearing
structural system response at the individual
element level, including the diaphragms and
the foundation, accounting for both in-plane
and out-of-plane response, as discussed in
the next section. As a special case of LB
masonry construction, masonry arches are
constructed with keystone elements at the
apex, in order to provide the path of the line
of thrust to the foundation.
Non-load-bearing (NLB) masonry, in
which the bearing function is provided by
a structural skeleton made of other structural
materials such as steel and timber of
reinforced concrete (RC). Such is the case
of the widely adopted masonry panel infilled
RC building construction, a form of confined
masonry, whose modeling is covered in sec-
tion “Modeling of NLBM Infilled Frame
Buildings for Seismic Analysis.”

(i)

If anything else, NLBM infill panels have to
support with adequate resistance capacity and
in a stable manner their own inertia forces as
these are materialized at the building elevation
relative to ground in which they are supported.
Furthermore, through the deformation compati-
bility between the infill and the confining
frame structure, they are forced to resist seis-
mic load through a friction contact separation
mechanism with the frame under lateral load
response. Therefore, unless specifically isolated
by adequate details from the bearing frame
(over the entire lateral inelastic deformation
expected), NLBM panels are seismically bear-
ing, and consequently, even NLBM elements
need to be included in seismic analysis of the
entire building in which they are constructed.
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Because of this contact mechanism, practical
seismic analysis of this type of masonry con-
struction involves macromodeling using axial
load-bearing struts, as briefly discussed in sec-
tion “Modeling of NLBM Infilled Frame Build-
ings for Seismic Analysis.”

Masonry Wall Construction Types and
Resisting Mechanisms

Masonry walls, whether LBM or NLBM, range
from single-leaf or multiple-leaf walls (Fig. 6)
with interior cavities among the leaves, which are
either void (e.g., the common double-leaf walls with
space for sliding window frames) or are filled with
rubble (typical for old masonry buildings, cultural
heritage buildings included) or concrete (in modern
masonry construction of reinforced cavity walls
according to EC6 2005). Multiple-leaf walls may
be tied to each other in modern construction (e.g.,
modern veneer brick masonry walls) or, as often the
case in existing structures, they are untied.

The laying of the masonry units varies
according to the local techniques, the material,
and the production form of the unit. Industrial
units are laid in courses (use of header courses or
random laying construction and keystones at the
intersections) and the provision of collar joints
filled with mortar (and possibly steel) and/or the
inclusion of bond beam elements. The vertical
elements are traditionally built on a stone or
brick or concrete footings, on which they rest or
are tied to with reinforcement. Often, interior
walls are in fact lighter construction partitions of
brick or wood not tied to the load-bearing system,
or the wall intersections were poorly connected.

Irrespective of material and load-bearing type,
masonry is classified according to its resisting
mechanisms as unreinforced masonry, reinforced
masonry (prestressing possibly included), and
confined masonry, depending on whether rein-
forcement or additional confining elements
within the masonry are used. The use of each
type in new constructions in seismic regions
depends on the seismicity of the region, on the
number of stories, etc. (see, e.g., EC8 2004).

(i) Unreinforced masonry (URM), namely,
masonry without any or very small amounts



2580

Seismic Analysis of Masonry Buildings: Numerical Modeling

Seismic Analysis of Masonry Buildings: Numerical
Modeling, Fig. 7 Reinforced masonry construction
technology and detail. (a) Modern CMU reinforced

masonry

(i1)

residential ~ building (Source:  http://en.

of reinforcement included and without any
additional confining members within the
masonry body. This form of masonry con-
struction is the most frequently encountered
type of construction in existing or historical
buildings and is associated with the largest
amount of modeling problems, due to the
variety of techniques and materials adopted
and the variability of their properties. Seis-
mic analysis methods for URM buildings
need to account for the mechanical charac-
teristics of the material, obtained from in
situ evaluation using flat jacks or through
testing (e.g., Clough et al. 1979; Magenes
et al. 2008; Vintzileou and Miltiadou-
Fezans 2008; Ruiz-Garcia and Negrete
2009; and the TCCMaR test series, Kings-
ley 1994); furthermore, modeling should
account for the brittle nature of its response.
Only elastic methods of analysis are there-
fore meaningful in their seismic perfor-
mance assessment, whereas a low behavior
factor (~1.50) is applicable for evaluation
of the seismic forces.
Reinforced masonry (RM) is masonry
with horizontal reinforcement in mortar
bed joints and vertical reinforcement posi-
tioned in a cavity or in holes of the vertically
perforated masonry units or in grooves
between adjacent blocks (Fig. 7a, b).

In modern construction, reinforcement
comprises steel reinforcing in the form of
bars, trusses or cut wire mesh, dovetails,

wikipedia.org/wiki/Masonry_structure). (b) Reinforced
masonry construction detail using clay bricks with
improved thermal insulation properties

and other special shaped proprietary ties,
placed vertically and horizontally. Other
reinforcing materials include prestressing
strands (prestressed masonry) and polymers,
used for external strengthening existing
masonry. In addition to steel reinforcement
used in modern construction, timber ele-
ments have traditionally been used in histor-
ical masonry structures and are still used in
new buildings constructed in seismic regions
in the developing world, with very good
seismic performance characteristics (also
called timber-laced buildings, Figs. 8 and 9).

Generally, reinforcement serves to con-
nect the leaves of the masonry wall, to allow
for uniform distribution of vertical loads at
floors and roof levels, to act as shear and
flexural reinforcement for in-plane and
out-of-plane seismic load transfer, and also
to provide ductility, when reinforcement
yielding precedes brittle failure of the
masonry; therefore, its beneficial role
should be included in seismic analysis; fur-
thermore, for new construction, when duc-
tility is enforced by design, both elastic and
inelastic methods of analysis are meaning-
ful in seismic performance assessment,
with a suitable response reduction coeffi-
cient applied in the expected seismic loads;
in this context, behavior factors up to 3.0,
comparable to RC wall construction, can
be used in modern RM building design
(EC6 2005).
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Seismic Analysis of Masonry Buildings: Numerical Modeling, Fig. 8 Traditional timber-laced stone masonry
buildings in earthquake-prone areas. (a) Antalya, Turkey. (b) Kastoria, Greece

15.01.08 T>90

Seismic Analysis of Masonry Buildings: Numerical
Modeling, Fig. 9 Bhatar construction: traditional
unreinforced load-bearing timber-laced masonry structure
in Pakistan in modern construction (Source: http://www.
holcimfoundation.org/Projects/advocacy-of-traditional-
earthquake-resistant-construction-north)

(iii) Confined masonry (CM) is masonry which
encompasses during construction horizontal
and/or vertical confining RC or RM ele-
ments, monolithically bonded into the
masonry structure (e.g., RC lintel beams
and pilasters). In fact, modern clay brick
walls in seismic regions make use of such
horizontal and vertical RC elements. In the
case of RC confining elements, similar
modeling conventions for seismic analysis
are adopted as for RM buildings, using how-
ever higher seismic forces; in this case,
a behavior factor of 2.0 is adopted in
EC8 (2004).

Seismic Analysis of Masonry Buildings: Numerical
Modeling, Fig. 10 Model of the Gaiola pombalina
masonry confinement with timber, developed in Lisbon
after the 1755 earthquake (http://en.wikipedia.org/wiki/
Gaiola_(construction))

A special form of URM and LBM construction
originating in older (historic) buildings (a well-
known case being the Pombalinas, constructed
during the rebuilding of Lisbon following the
devastation of the city on 1755) and still adopted
in less developed countries (e.g., the dhajji in
Pakistan) makes use of timber reinforcing ele-
ments in the form of tension—compression braces;
they are built within the masonry walls at the
floor levels or between floors, in order to confine
the masonry infilling the voids (Fig. 10), thereby
enhancing its in-plane shear resistance and pro-
viding damping under seismic response. This
type of LBM construction is also behaving as
CM and partially RM, due to the load-carrying
mechanism provided by the timber elements and
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the in-plane stabilization and stiffening role pro-
vided by the masonry infill, confined in turn by
the timber structure; seismic modeling of such
systems follows the macromodel approach (see
section “FE Modeling of LBM Structures for
Seismic Analysis”), whereby the confining tim-
ber elements are included in the model together
with the masonry and are verified accordingly.

Seismic Analysis Methods of Masonry
Buildings

Depending on the problem at hand, both linear
and nonlinear analysis methods, as also
employed for seismic analysis of RC and steel
buildings, are being applied to LBM buildings
according to the limit state objective of the veri-
fication and the ductility capacity of the masonry
elements (if any).

Linear Elastic Analyses

For serviceability limit state (cracking, service
load deformation) verifications, linear analysis
methods are adequate, up to the onset of cracking
of the masonry. The use of linear elastic analysis
for the ultimate limit state (strength) design ver-
ification of URM buildings under seismic load
combinations provides meaningful verification
results only under seismic load levels obtained
using a response reduction coefficient equal to
1.0; for the design of new RM buildings, it is
possible to use linear elastic methods with higher
behavior factors (up to 3.0), due to the inherent
ductility capacity of the masonry. It should be
noted, however, that in case of historic buildings,
lower seismic actions than those prescribed by
modern codes are frequently adopted. Actually,
the application of the requirements of current
codes may lead to invasive interventions that
are against the internationally accepted charters
for the preservation of the built cultural heritage
(e.g., ICOMOS; ISCARSAH).

Linear elastic analysis methods can also be
adopted for ultimate limit state verifications of
URM buildings, provided the structure does not
have excessive irregularities (EC6 2005) and
lacks significant torsional effects, thereby
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exhibiting clearly separated orthogonal modes
of vibration. Linear elastic modeling neglects
cracking of the masonry elements and its influ-
ence in the kinematics and the redistribution of
forces. Even if cracking is neglected, however,
linear elastic models provide useful information
about the structure and the model adopted since:
(i) they give an indication of the areas of
increased tensile or compressive stress in the
masonry, which potentially need to be strength-
ened or rehabilitated; (ii) they can be easily com-
pared with a visual or in situ measurement of
cracking and stresses in the masonry, thus
allowing to verify the reliability of the model
and the reasons for the existing condition of the
structure; and iii) possible interacting factors of
overstress can be established (e.g., earthquake
following a long-term preexisting foundation
settlement).

Static and Modal Elastic Analyses
Linear elastic analysis includes both equivalent
static and modal analysis:

(i) Static analysis can be used in buildings in
which higher modes are not dominant in the
response, the building is orthogonal in plan,
and it does not exhibit major irregularities:
two different lateral load distributions with
height should be considered, representative
of different modes of lateral deformation,
namely, (a) triangular distribution and
(b) uniform distribution. In the case of
micromodels (see section “FE Modeling of
LBM Structures for Seismic Analysis”), pos-
sible refinements on the linear elastic model
can be considered through local modification
of the finite element (FE) stiffness character-
istics in order to account for cracking of the
masonry, whether such is predicted from an
elastic analysis or it is obtained from field
inspection of the condition of the structure.
Modal analyses, when used, should include
all the modes with a modal mass that is
greater than 5 % of the total mass of the
building and enough modes whose modal
masses sum to at least 75 % of the total
building mass.

(i)
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For the evaluation of the modal response
characteristics — deformations and internal
forces — using macromodels (see section “FE
Modeling of LBM Structures for Seismic Analy-
sis”), the square root of the sum of squares com-
bination rule of modal quantities can be used if
the modes differ with each other by as much as
90 %, or, better, using the complete quadratic
combination rule, giving accurate maxima for
closely coupled mode combinations. For seismic
modal analyses using micromodels (e.g., shell
finite elements), the peak response characteristics
(deformations and internal stresses) E,,,, should
be evaluated following:

n
Emax = max,{ Y Ej(t) (1
j=1

where Ejt) is the time history of the
corresponding parameter due to response in the
Jjth eigenmode.

Inelastic Analyses

In currently accepted methodologies for the
assessment of existing LBM buildings (both
RM or URM) in the context of PBD, nonlinear
static analysis methods and corresponding
modeling conventions are employed with differ-
ent levels of modeling detail, depending on
whether cracking, post-ultimate, and cyclic hys-
teretic characteristics are included in the model
(Fig. 11). The purpose of these methodologies is
to evaluate the inelastic lateral load deformation
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of the building, taking into account the actual
inelastic characteristics of the elements,
brittle or ductile; evaluation of this capacity
curve yields the expected target deformation
demands, under different seismic excitation
levels (performance levels), at which point the
onset, distribution, and extent of structural dam-
ages are obtained and compared to code damage
levels (FEMA-356 2000), either in terms of
element resistance (brittle element response) or
in terms of inelastic deformations (ductile
element response). For the evaluation of these
generalized force—deformation characteristics,
different failure mechanisms — accounting also
for out-of-plane effects — can be considered, and
the weakest governing mechanism should be
adopted as governing the failure response.

Modeling of LBM Buildings for Seismic
Analysis

The primary load-bearing elements of LBM
construction are the vertical load-supporting
elements, namely, the floor and roof structure,
as well as the perimeter and interior bearing
masonry walls. All these elements carry the
vertical loads (including self-weight) and the
lateral forces to the foundation. Secondary
elements, not part of the lateral resisting sys-
tem (such as light partitions), are not included
in the model as earthquake resisting elements.
Only their self-weight alone is taken into
account in analysis.
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Seismic Analysis of Masonry Buildings: Numerical Modeling, Fig. 11 Inelastic analysis constitutive models of
masonry building elements for in-plane only action (bending or shear). (a) Simplified. (b) Refined
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Floor and Roof Elements and Diaphragmatic
Action

Floor structures and the roof structure transfer the
vertical loads and in-plane inertia seismic loads
to the rest of the bearing elements. While in
modern masonry buildings floor elements are
typically stiff RC diaphragms, in typical existing
or historical masonry construction, light wooden
floors on wood or steel purlins have been used
traditionally. Brick or stone masonry vaults are
also typical in the lower story of several historic
structural systems; other variants include arched
brick constructions between joists or two-way
Zoellner diaphragms made of brick infilled
voids. Purlins usually span one way and are sim-
ply resting or encased in the bearing walls at each
end. A peculiarity of masonry buildings is that
masses are not concentrated at floor levels; they
are distributed over the height of the building.

Unlike modern construction concrete slabs
which provide diaphragmatic action that distrib-
utes the inertia loads in plan and tie all the vertical
masonry elements at the floor level, existing
masonry structures were constructed with flexi-
ble diaphragms which deform in plane and oper-
ate differently during the earthquake (Fig. 12a).
Therefore, the presence or absence of diaphrag-
matic action and the way the diaphragm is tied to
the vertical elements are two important aspects to
consider in seismic modeling, since the dia-
phragm stiffness will affect both the dynamic
characteristics of the masonry building and the
transfer of forces among the stiff vertical wall
elements.

Along the same context, the function of the
diaphragm (one-way flexible or two-way stiff
action) shall also define the distribution of the
floor plan masses to the walls: one-way joist
diaphragms will only distribute inertia reaction
loads across the walls at which their wooden
joists are inframed, making the usual uniform
mass distribution assumption in the building
model, namely, a lumped rotational/translational
mass at the center of mass, incorrect.

In addition to load distribution, failure of the
diaphragm is also important to model: apart from
failure of arch-supported diaphragms that tend to
be sensitive to relative in-plane deformations of
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the supporting walls, failure or collapse of flexi-
ble diaphragms takes the form of failure (usually
pullout) of the diaphragm-to-wall connection,
due to inertia force transfer or excessive out-of-
plane deformation of the wall and loss of support
of the timber elements to the wall. This type of
behavior depends mostly on the vertical support
system of the diaphragm and the detailing of the
connections, which all need to be part of the
building model (see, e.g., Vintzileou et al. 2007,
for a description of the system used in the tradi-
tional masonry structures in Lefkada, Greece).

Seismic Load-Bearing (Primary) Vertical
Elements

The primary lateral load-bearing elements of
LBM buildings are the perimeter and interior
bearing walls, which are typically perforated
with openings, forming wall elements, spandrel
beams (also arched lintel beams), and pilasters
(Fig. 12b). The in-plane lateral load transfer of
the wall elements depends on their aspect ratio
(the height to width ratio): walls with relatively
longer width compared to the element height
(height to width ratio less than 2-3) tend after
initial cracking to transfer the lateral force to the
lower level directly through an inclined strut
(including also the vertical load), whose horizon-
tal component equals the lateral load; more slen-
der walls or multiple wall elements (wallets)
created in a wall with openings may opt for
a more flexure-dominated behavior (similar con-
siderations apply also to the horizontal spandrel
beams between openings), while failure of these
elements is brittle.

Since the walls are the primary lateral load
resisting elements, their distribution in plan and
their stiffness (namely, geometric size and per-
centage of opening area) determine the eccentric-
ity between the center of application of the floor
inertia forces (the center of mass for stiff dia-
phragms) and the center of rigidity of the building
in plan. Consequently, irregularities that may
arise in plan and also in elevation due to the
wall distribution and geometry will influence
the distribution of the lateral loads among the
different resisting elements, something which is
crucial to model in seismic analysis. It should
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a Flexible diaphragm action transfers inertia

Seismic Analysis of Masonry Buildings: Numerical
Modeling, Fig. 12 Good practices in the seismic analy-
sis of masonry buildings. (a) Contributions of the seismic
forces to the masonry facade in a typical URM building

further be overemphasized that these structural
characteristics are dependent on the intensity of
the earthquake, since masonry (like concrete)
cracks in tension or softens under extreme com-
pression stresses, and therefore the relative stiff-
ness of the bearing elements changes beyond

Diaphragm action restrains building
deformations at the floor levels.

through diaphragmatic action (where this exists). (b) Con-
tributions of the three-dimensional analysis to the in-plane
and out-of-plane actions on the facades and to the corner
element forces

what has been assumed in an elastic analysis,
redistributing forces as well as increasing the
lateral deformation demands during the an earth-
quake. The analysis sophistication therefore and
the modeling capabilities should reflect the level
of response prediction.
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In-plane response failure of the walls or other
structural elements (where present) will take
place due to inadequate resistance or excessive
interstory drift. Masonry element failure includes
wall pier, pilaster, or spandrel beam failure under
in-plane actions. Depending on the aspect ratio of
these elements and the existence of diaphrag-
matic action, failure of the wall elements affects
individual masonry elements and will jeopardize
the entire vertical load path to the lower floors,
the building dynamic characteristics, as well as
the redistribution of forces in and out of plane.
Element failure takes the following forms:

(i) Flexure-dominated failure including crack-
ing and/or rocking of the wall, compressive
toe failure of the wall

Shear failure in plan, including sliding at

mortar bed joints, diagonal cracking or diag-

onal crushing of the wall between the cracks

Entire wall movement

Apart from these in-plane response failure

modes, walls may also fail under concurrent

in-plane and out-of-plane action. In this case
failure is closely associated with the exis-
tence or not of adequate diaphragmatic
action and a suitable tensile diaphragm con-
nection to the facade walls that will mobilize
the entire building facade from the footing
line (below grade) to the roof (Fig. 12a).

Special cases of out-of-plane bucking failure

under in-plane compressive action are also

included in this combined failure mode, pri-

marily for slender wall elements though, e.g.,

unsupported multiple-leaf walls.

(v) Failure under combined biaxial effects
(combined axial load) characterizes the cor-
ner walls and pilasters, due to the three-
dimensional nature of the building response.
Bidirectional rocking of the building
(Fig. 12b) induces axial loads that are con-
siderably higher than uniaxial predictions,
together with biaxial bending and shear
forces. In this case, a three-dimensional
model of the building is needed to predict
such overstress in the corners, with the
results of plane analyses only being
unconservative.

(ii)

(iii)
(iv)
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Secondary Elements

Such elements are typically the interior masonry
(or other) column elements that support the dia-
phragm or narrow, slender elements on the facade
that function as columns. The failure of these
elements does not alter significantly the response
of the building, and therefore, they are ignored in
the seismic analysis model. However, their abil-
ity to bear vertical loads under the seismic defor-
mation of the building should still be verified.

Foundation

The foundation of the masonry walls is not neces-
sarily responding as rigid and non-deforming, as
typically assumed in seismic modeling. Founda-
tions may settle in the long term under the weight
of the walls, inducing tensile cracks in the building
that change the distribution of forces and the way
the vertical elements respond (rocking rather than
flexing). Furthermore, due to the lack of reinforce-
ment, contact type of connection develops
between the URM footing, the masonry wall, and
the soil, with possible uplift and rocking under
tensile or rocking response. These mechanisms
should be captured in the seismic model, if the
vertical and lateral loads are such as to allow for
this kind of motion. Consequently, if preliminary
analyses indicate this to be the case, the soil resis-
tance to the footing stresses should be modeled
using an elastic but tensionless type of behavior
(e.g., a Winkler model with uplift), in order to
obtain the proper footing flexibility as is the case
in situ. An in situ geotechnical study and adequate
knowledge of the foundation shall provide the soil
constitutive characteristics and the foundation
conditions (e.g., the possible existence of a well
or a septic tank near the footing).

Principle Modeling Requirements for Seismic
Analysis of LBM Buildings

In summary, the building seismic model used
should identify the basic force transfer mecha-
nisms of the structural system, irrespective of the
method of analysis used:

(a) Plane or three-dimensional model. Plane
frames are often used as an approximation
for modeling the building. It is important to



note that the proper idealization of seismic
behavior is through modeling of the three-
dimensional response. Two-dimensional
models are unable to monitor the three-
dimensional response of the entire structure;
consequently their use will not predict the
spatial response effects, namely, (i) the
simultaneous action of seismic axial forces
and biaxial bending effects in the corner
piers, (ii) the corner element vertical defor-
mation compatibility under concurrent
actions in the two orthogonal directions, (iii)
the influence of out-of-plane bending in the
resistance of in-plane actions of the vertical
elements, and (iv) the possible in plan tor-
sional effects which will enter into the
response in the case of a relatively rigid dia-
phragm and eccentric distributions of the
mass (e.g., an opening) or the stiffness (e.g.,
asymmetric facade opening distributions
and/or interior masonry walls).

(b.1) Modeling of the diaphragm. The presence

or lack of a diaphragm in the model should
be in accordance with the function of the
diaphragm in the structural system at hand.
The in-plane rigidity of the diaphragm is an
important consideration to account for in
the model, particularly because of the fact
that masonry buildings tend to be very stiff
and the relative diaphragm-to-wall element
in-plane stiffness will define the distribu-
tion of inertia loads from the floor to the
vertical seismic load resisting elements.

(b.2) Modeling of the diaphragm connection

with the walls. Furthermore, as far as the
modeling of the diaphragm is concerned, it
is important to consider in the model
whether its connections with the vertical
masonry elements justify the use of
a deformation fully compatible FE nodal
connection, transferring load. The same is
true for the roof structure, which is nor-
mally simply supported on the masonry
walls, and sliding of the roof trusses on
the walls is often possible under differential
lateral seismic movements across walls.

(c) Modeling of the mass. The conventional

frame analysis assumption of a lumped mass
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idealization is not justified in masonry model-
ing, and, instead, the model should incorpo-
rate distributed masses; due to the large
masonry element size (compared to the nor-
mal operational loads of the building) and
often the lack of a heavy concrete diaphragm,
loads are not distributed according to the
lateral stiffness of the elements. For this rea-
son, three-dimensional modal dynamic anal-
ysis should at best be adopted, reflecting
more accurately the system deformation and
the load path of the inertia forces from the
diaphragm to the foundation. Similarly,
out-of-plane effects need also to be taken
into account in a “distributed with height”
sense for assessing the in- and out-of-plane
interaction of forces to the walls, the dynamic
connection forces at the wall intersection, and
the seismic deformations and forces at the
roof-to-wall connections.

(d) Modeling of the building foundation.
Masonry building response and past defor-
mation history are affected by the deforming
foundation at the base of the building. Con-
sequently, full foundation fixity is often an
unrealistic assumption, given that the stresses
under the masonry wall may be relatively
high. Evidence of cracking around openings
or unsymmetrical distribution of cracks in an
existing masonry building is often the effect
of differential settlements due to variable
ground conditions in plan, such as the pres-
ence of an abandoned well or a septic tank at
one end, improper ground preparation at the
time of construction, or a partial plan base-
ment. For modeling the foundation, an
acceptable practical modeling approach
makes use of tensionless elastic springs, pro-
viding vertical, lateral, and bending restraint
in the embedded footings.

FE Modeling of LBM Structures for
Seismic Analysis

From the analysis of the complexity of the
response, the failure modes, and the fact that
different technologies and materials comprise
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masonry construction, practical modeling of
masonry buildings for seismic analysis relies on
the use of FE models and follows two different
techniques (Fig. 13):

(1) The less refined “global” (phenomenological)
macromodels, suitable for the analysis of
entire LBM buildings. In this case, the walls,
piers, and spandrel beams of the masonry
structure are modeled using one-dimensional
line elements with nonlinear characteristics.
These macromodel elements (Fig. 13d)
are characterized by equivalent axial load,
bending, and shear interaction response char-
acteristics. Such models have been used both
for elastic and inelastic three-dimensional
seismic analysis for design, assessment of
seismic vulnerability, and fragility studies of
masonry buildings under monotonic or cyclic
loading.

The refined “local” FE micromodels where
the entire masonry building or a plane por-
tion of the building, such as a masonry
facade under planar response, is modeled
using two- or three-dimensional FE approx-
imations, with associated material and load-
ing description (Fig. 13c). In terms of
geometric representation, thick shell or
across the length and through thickness
brick FE approximations are adopted, possi-
bly coupled with beam FE for the reinforce-
ment, if any. Even more refined micromodel
approximations have been adopted in
research studies, in which the actual masonry
unit and mortar have been separately
modeled using brick and plate elements,
respectively.

(i)

In terms of material approximation, phenom-
ena such as cracking and compression
nonlinearity or the presence of steel are smeared
within the element integration area through
equivalent stiffness and resistance modifications
at the FE integration point. Models of this type
have been used in the parametric investigation of
conventional or historical masonry construction
and for the validation of test results. Complexity
and computational cost and resources are the
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primary issue in this case as well as in certain
aspects, the actual ability to model the material
behavior under cyclic loading conditions.

Macromodels for Entire Building Analysis
Since the use of micromodels is too expensive
and complicated for entire building analysis
under seismic excitations and due to the fact
that available software capabilities are often lim-
ited in handling such FE micromodels, equivalent
FE macromodels are being used for practical
seismic analysis of LB or NLB masonry
construction.

For load-bearing masonry, the usual modeling
conventions adopted in conventional frame
building analysis are also adopted for masonry
buildings as well: roof and diaphragm elements
are modeled using line FE, or plain diaphrag-
matic action is enforced (if it exists). Similarly,
wall piers, columns (pilasters), and spandrels are
modeled at their centerline using equivalent or
actual property line FE with linear or nonlinear
characteristics, while the element joint regions
are modeled using infinitely stiff elements
and/or rigid zone transformation models
depending on the analysis software conventions.

For inelastic analysis, phenomenological
axial, shear, and flexural constitutive relations
should be specified, possibly with cracking and
post-failure modeling capabilities and, if possi-
ble, interaction of axial/flexural and shear
stresses. Where this is not possible and given
that the variation of axial loads is not high for
low-rise buildings, uncoupled values may be
assumed based on initial state vertical load levels.

Masonry building macromodels for inelastic
analysis evolved from: (i) the simplified weak
spandrel strong pier model, whereby spandrels
crack early and are neglected (therefore the
piers are considered to act as uncoupled cantile-
vers joint by hinged rigid link beams at the floor
levels) (Fig. 14b); (ii) the strong spandrel weak
pier model (the shear frame analogy), whereby
the piers crack first and are therefore assumed to
deform with their inelastic characteristics, the
spandrels remaining relatively rigid (Fig. 14c);
and (iii) the equivalent frame model, where the
masonry structure is modeled as an assembly of
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Seismic Analysis of Masonry Buildings: Numerical
Modeling, Fig. 13 Modeling example of a historical
masonry building in Lefkada, Greece, built of timber
confined plinth masonry walls at the upper floor on

vertical pier and horizontal spandrel line ele-
ments interconnected by rigid joint regions
(Fig. 14d): the geometry of the joints is obtained
from the geometry of openings and an equivalent
pier height, which is defined by the extent of
cracking observed in the vertical elements fol-
lowing an earthquake or, if uncracked, assuming
a crack inclination at about 30° that extends from
the opening toward the joint (Lagomarsino
et al. 2013).

For the constitutive modeling of inelastic FE
macromodels under static seismic-type load, the
multilinear (simplified or more refined) shear
force—interstory drift or bending moment—pier
rotation diagrams of Fig. 11 have been proposed

a stone masonry ground floor. (a) Photo). (b) Bearing
structure. (¢) Micromodel. (d) Macromodel (Vintzileou
et al. 2007). Note that several load-bearing elements in
the model are omitted for clarity

by several investigators for modeling both the
in-plane shear and the flexural response of
masonry wall piers, incorporating the different
failure mechanisms of these elements (Fig. 15).

Magenes and Calvi (1997) proposed that the
peak shear resistance R, (Fig. 15) of a rocking
masonry wall pier bearing an axial load P is
given by:

_thp p

where D and ¢ are the length and thickness of the
pier; Hy is the effective height equal to the shear
span, namely, the height to zero moment, taken as
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Seismic Analysis of
Masonry Buildings:
Numerical Modeling,
Fig. 14 Equivalent frame
model for load-bearing
masonry construction. (a)
The masonry facade to be
modeled. (b) Weak
spandrel and strong
cantilever pier model. (c)
The weak pier and rigid
spandrel shear frame

=
=

model. (d) The equivalent

frame model using
spandrels, piers, and rigid
joint regions (Lagomarsino

etal. 2013)

Seismic Analysis of ! p
Masonry Buildings: 5 * : —% : ?hearv
Numerical Modeling, \\: i oree VR,
Fig. 15 Model of the wall % 5 ! ;
H, : 1

pier and lateral load E\‘ 0 ! For :
deformation constitutive AN %Lf |

. . [l \ . ‘
relation under axial force ; «V ! W 0.85f, |

7 7 1 v
D p P de  dgp, 4y 4 fSheiir.
M = Pe=VH, eformation

being equal to the pier height, for cantilever piers,
and half the pier height, for piers in contraflexure;
p is the average vertical load pressure, equal
to the axial load P divided by the wall area
(p = P/Dv); f,, is the compressive strength of the
masonry; and k is a coefficient that depends
on the stress distribution at the toe of the wall
(k = 0.85 for an equivalent rectangular stress
block; see Fig. 15).

For shear failure mechanisms of brick masonry
walls, when mortar bed and head stone failure is
involved, they proposed to adopt a Mohr—Coulomb
friction model for the wall, namely:

P
R, =Dtt, = Dt(c + up) = Dt(c + ,uE> 3)

where, in addition to the parameters defined
above, 1, is the average masonry shear strength;
w is the Coulomb friction coefficient; and ¢ the
cohesion of the wall (namely, the average fric-
tional resistance at P = (). Both of the latter
parameters are global material constants for the
wall and are obtained from testing of masonry
elements. Following micromodel analysis at fail-
ure and comparison with test results, their model
accounted for two types of shear wall failure,
namely:

(i) Failure at the cracked wall ends, with the
peak shear strength 7, being resisted in the
compression area of the cracked section D’
by t, where D’ (the compressed portion of
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the wall length D) is obtained by equilib-
rium of normal force and moment (Eq. 4a):

3V Hy

(i) Failure at the mid-height of the wall, with
the maximum shear strength 7, being
resisted by the entire wall thickness (area
D by ) decreasing in an inverse linear man-
ner with the wall shear span ratio Hy/D:

Ry =Di— = | ST (ap)
142 L+
D D

The shear strength of the wall in diagonal
tensile failure is therefore given by the min-

imum strength of the two resisting
mechanisms — failure modes:
1.5¢c+1 | [c+7
R,=Dtt,, t,=min 5¢_+,u s ctip
1+ 3L’H() 1+ Ho
pD D
(5

It is further noted in the above expres-
sions that the coefficients of friction and
cohesion u and ¢ may be modified so as to
obtain effective values i and ¢, respectively,
corrected for the geometry of the masonry
unit, in accordance with the fact that the
expressions above sometimes
overestimated the experimental value of
strength, due to the influence of the masonry
headjoints.

(iii)) In addition to shear failure by Coulomb
friction at the joints, shear failure due to
in-plane cracking of the bricks was also
experimentally observed for weak brick
and strong mortar, in the presence of high
axial stresses. It was proposed that the shear
strength be estimated in this case in terms of
the tensile strength of the bricks f;,,, follow-
ing Eq. 6:
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and the minimum of the values (Egs. 5
and 6) used for resistance. In terms of
deformation, the wall pier deformation
corresponding to the ultimate strength (dg,,
Fig. 15) was found to be close to 0.5 % of the
wall height H in most test results they
performed or evaluated (Magenes and
Calvi 1997).

Detailed Micromodels for Seismic Analysis

In addition to the macromodels above,
micromodels have been proposed and are
employed for equivalent static linear or nonlinear
seismic analysis of masonry buildings and
(primarily) historical structures; furthermore,
micromodels have also been used to calibrate
macromodel topology and the masonry wall fail-
ure and constitutive response. Micromodels ide-
alize masonry in detail using:

(i) Two-dimensional thick plate and shell ele-
ments that account for both in-plane and
out-of-plane stiffness and resistance character-
istics (for out-of-plane bending effects of the
walls). The use of shell element elastic models
is quite common in the seismic analysis of
masonry structures, since they do not require
excessive computational resources and pro-
vide the basic load path and demand concen-
trations within the building, accounting for
complex geometries and multitude of mate-
rials, such as timber, masonry, etc. (Fig. 13c).
These are therefore suitable to use in entire
building seismic analysis models.

Three-dimensional (brick) FE models of the
entire masonry structure, taking into account
in the model both complex geometric ideal-
izations of the structure and the foundation
and the material complexities associated
with the presence and interaction of several
different materials with complex constitu-
tive characteristics, such as: stress-strain

(ii)
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nonlinearity due to cracking or crushing; tri-
axial capacity interaction and volumetric
dilatancy under loading for the mortar, con-
crete, stone, or brick; yielding or pullout
phenomena of the reinforcement where it
exists; interface failure between brick, mor-
tar, or steel (where it exists); and inelasticity
of timber.

Depending also on the capabilities of the soft-
ware adopted for the seismic evaluation,
micromodels adopted for modeling of inelastic
seismic response of LBM buildings include:

o The smeared representation models. These
model nonlinearity as spatially averaged, by
considering the distributed cracking of
masonry in the vicinity of the FE integration
points and/or the average constitutive
response of masonry over the entire FE inte-
gration volume (area) using suitable two- or
three-dimensional  inelastic  constitutive
behavior and a strength interaction surface.
Plane stress or three-dimensional yield surface
characteristics have been proposed for CMU,
brick masonry, or stone, possible candidates
being, among others, the models proposed by
Gambarotta and Lagomarsino (1997) and
Stavridis and Shing (2010).

o The discrete representation models. These
model nonlinearity discretely through detailed
FE modeling of all different material regions
involved, namely, individual modeling of the
mortar as a brick, shell, or zero-length contact
FE, the masonry units and the concrete (where
present) as a brick or plain stress shell element
(primarily for industrially manufactured units
of constant geometry), and the steel or timber
reinforcement (where present) as truss or
beam elements (for CM or RM buildings).

» Asaspecial case of these are the discrete crack
representation models, which further monitor
crack formation using fracture energy criteria
and the evolution of cracking within the
masonry element through mesh redefinition
(average material representation) and/or
through or along predefined mortar beds
(where these exist in physical and model
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space), suitable contact friction
elements.

» Models based on the discrete element ideali-
zation that fall into this category have been
promoted for modeling primarily historical
monuments; in this case, the brick units
(or stone building blocks) are modeled as indi-
vidual deformable or undeformable volume
elements, and their interface is described
with Coulomb frictional contact-separation

characteristics.

using

Modeling of NLBM Infilled Frame
Buildings for Seismic Analysis

Due to the abundant use of CM infilled panels in
steel and RC frame structures, the seismic analysis
modeling of entire frame buildings with NLBM
infills is also briefly examined herein for complete-
ness. Only the modeling of the infills is considered
herein, since the modeling of the entire frame is
beyond the scope of this text. It should be noted,
however, that in the design of RC frame buildings,
the infills are (and have been) neglected in the
structural model assuming that these contribute
only to the inertia mass. Only recently modern
seismic codes (EC8 2004) provide structural
forming and detailing guidelines for taking into
account possible adverse response effects due to
the presence of the infill; furthermore, PBD meth-
odologies for the assessment and retrofit of existing
RC frames require that these be fully accounted for
in the seismic model, in their as-built configura-
tions and properties (FEMA-356 2000).

Infill panels provide a large increase in the
lateral stiffness of the confining frame with
a disproportionate increase in its mass; conse-
quently, masonry infilled frames exhibit short
fundamental periods compared to the bare frame
structure and therefore attract higher inertia
forces at shorter drifts. Properly engineered infill
panels, constructed of good quality modules and
mortar and adequately wedged into the panel,
without excessive openings and a regular in plan
and in height configuration, will provide the bare
frame structure with considerable overstrength
and stiffness enhancement.



Seismic Analysis of Masonry Buildings: Numerical Modeling

2593

Seismic Analysis of
Masonry Buildings:
Numerical Modeling,
Fig. 16 Damages to
infilled RC frames
following the 1985 Mexico
City earthquake. (a)
Damage of the confining
frame elements. (b) Out-of-
plane failure of the infills.
Note that the panels were
confined by RC lintels and
pilasters tied to the RC
frame

Masonry infills, like other masonry elements
already discussed, tend to fail in plane or out of
plane (Fig. 16) following similar mechanisms
as other masonry elements (diagonal thrust or
tension, corner compression, sliding at joints
through brick or mortar, out-of-plane collapse,
etc.). Such a full or partial failure of the
infills will lead to local failures of the confin-
ing elements due to the formation of
unintentional short column effects or due to
a shear failure of the top of the column or the
beam—column joint. For these reasons, in the
PBD assessment approach of existing struc-
tures, the infills need to be accounted for in
seismic analysis.

In modeling infilled frame buildings in practi-
cal seismic analysis of entire structures,
macromodels are used for the panels, as shown
in Fig. 17. Micromodels have also been adopted
in the literature, however primarily for research
applications and in order to calibrate the
macromodel  parameters. The use of
macromodels stems from the observation that,
due to the partial contact separation of the panel
from the surrounding frame elements under lat-
eral response of the infilled frame, the function of
the infill can be modeled as an equivalent axial
load-bearing diagonal strut element resisting

compression only in the direction of the lateral
force. The strut has a thickness f,; equal to the
panel thickness and an equivalent width W
based on the frame to panel contact length; pro-
posed strut widths adopt contact lengths that
account for the relative stiffness characteristics
of the confining frame and the infill panel in terms
of A, (Stafford Smith and Carter 1969), where
Anp expresses the relative stiffness of the infill
and the concrete elements assuming elastic con-
tact (Fig. 17a):

where E,, and E, are the Young’s moduli of
masonry and concrete; I, is the uncracked
moment of inertia of the confining column ele-
ments; 0 is the geometric inclination of the infill
strut (Fig. 17a); Li,¢ and H;,s are the clear length
and height of the infill; and H. is the centerline
distance between the beams. For seismic applica-
tions cross strut configurations are used with
compression only properties (Fig. 17b). In order
to model the effect of short column formation in
the infilled frame response, multiple strut config-
urations as shown in Fig. 17b have also been
proposed (Crisafulli et al. 2000). Their use is
recommended in the case of asymmetric infill
configurations within a floor, such as infilled
frame bays next to open bays or end bays of the
infilled frame.
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Seismic Analysis of Masonry Buildings: Numerical
Modeling, Fig. 17 Equivalent strut macromodel of
infilled RC frames and effective strut width equation. (a)

Summary

The seismic response and forms of failure for
different types of masonry construction have
been presented and discussed. It is commonly
believed that masonry buildings, being the most
common form of past construction in all seismic
affected areas, as well as a financially viable
alternative for new low- to mid-rise construction,
they need to be evaluated for seismic loading, due
to the seismic vulnerability of such structures as it
has been proven in numerous seismic events, past
and recent.

Model proposed by Stafford Smith and Carter (1969). (b)
Single and multiple strut macromodels of infilled RC
frames for static lateral load and cyclic dynamic analysis

Several modeling conventions have been
proposed so far and are still under rigorous
research investigations, for the seismic analy-
sis of masonry buildings. Overall, these range,
depending on the capabilities of the FE code
at hand and also on the reliability of the
structural information available, from simple
strut-and-tie models (the equivalent frame
analysis models, which are also referred to
as macromodels) to the refined micromodels,
using plane or three-dimensional FE analysis
tools, both linear and nonlinear material-wise
and geometry-wise.
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Not all methods are suitable for all cases, and
often analysis “overkill” for a problem that is
quite complex to model will give a false sense of
security: due to the complexity of the problem,
involving different masonry materials (brick, mor-
tar, stone, rubble, and also RC or steel and timber),
different types of construction (LB or NLB, CM),
and different structural topologies (low or mid
rise, with or without diaphragms, irregular in
plan or elevation, with openings, with flexible
foundation), equally complex methods should be
used, justifying the accuracy of the input informa-
tion, namely, the material properties for all mate-
rials involved in the construction and an adequate
knowledge of their interaction.

For entire structural models, macromodels or
area micromodels with averaged properties over
the FE region are adequate to capture global quan-
tities (forces and deformations) and seismic per-
formance. For detailed damage prediction
(cracking, crushing, region disintegration under
overload), three-dimensional FE models are
adopted, using either deformable elements with
smeared or discrete cracking representation or dis-
crete FE models with contact friction interfaces,
where crack spreading is not feasible (e.g., URM
construction and historic building analyses). These
models, although they provide realistic damage
predictions compared to observation and test, are
too detailed and complex to be applied to ordinary
construction, and they need to be substantiated by
adequate testing in order to establish the material
behavior as input to the FE model.
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Introduction

Reinforced concrete slabs rigidly connected with
steel girders have been used to form the basic
superstructure of large numbers of deck bridges
for many decades. This is due to the fact that the
composite construction method offers the bridge
engineers a great variety of solutions for different
types of problems. A typical composite cross
section of a highway bridge is shown in Fig. 1.
A series of parallel steel girders are rigidly
connected with a reinforced concrete slab
through shear connectors. The shear connectors
installed are mostly welded studs allowing use of
the deck as part of the top flange (deck plate
girders). The longitudinal bending of the com-
posite T-girders, at sagging bending areas, results
in tension in steel and compression in concrete.
The simultaneous operation of both of these
materials generates the composite action which
is the most important feature for the formation of
stiff and high-strength cross sections. At hogging
moment areas, concrete is considered to be fully
cracked, and only the slab reinforcement, but not
concrete, contributes to bending resistance.

In pure steel bridges the reinforced concrete
slab is replaced by an orthotropic steel deck. This
is composed of the steel deck plate; the longitu-
dinal, mostly trapezoidal, stiffeners; and the
crossbeams (Fig. 2). Orthotropic are lighter than
concrete decks. However, they require high fab-
rication costs due to intensive welding operations
and are susceptible to fatigue. Therefore, pure
steel bridges (see EN 1993-2 2006) are nowadays
mostly limited to cases where it is essential to
limit the deck weight, e.g., for very large spans,
movable bridges, etc. The present article
refers mainly to composite bridges that constitute
the vast majority in modern steel bridge
construction.

Modeling for analysis is required in order to
determine internal forces and moments, deforma-
tions, and vibrations of bridge decks including
bearings, piers, abutments, piles, etc. In addition
models should include the foundation when soil-
structure interaction is accounted for. A bridge
analysis model should be based on the following
criteria:
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Seismic Analysis of Steel and Composite Bridges: Numerical Modeling, Fig. 1 Layout of a typical composite
deck bridge

Seismic Analysis of Steel
and Composite Bridges:
Numerical Modeling,
Fig. 2 Steel bridge with
orthotropic deck
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o It should reflect the structural response in etc.) and their

terms of deformation, strength, and local and
global stability.

It should include as many as possible
structural elements and parts of the
bridge deck (cross frames, stiffeners,

possibly

connections.

It should also include bearings and piers indi-
vidually, piles, etc.

It should cover all construction stages and
loading cases.
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» Loads should be easily introduced.

It should allow the performance of dynamic
analysis and include the most important
modes of vibration.

» The resulting output should be such that it
enables easily the execution of the code-
prescribed verifications.

+ It should be supported by commercial analysis
and design software.

Models for Seismic Analysis

There exist several possible models for bridge seis-
mic analysis that could be employed depending on
the bridge configuration, the bearing types, the
connection between superstructure (bridge deck)
and piers or abutments, the type of foundation
with possible soil-structure interaction, etc.

Figure 3 shows possible modeling levels for
seismic analysis of steel and composite bridges,
starting from the simple to the comprehensive
ones. Simple models, like the first three in
Fig. 3, can be used for preliminary seismic anal-
ysis. They may be employed for the derivation of
seismic forces and displacements on bearings,
piers, foundations, or the soil. Comprehensive
models, like the last three of Fig. 3, are mostly
used at the main design phase since they also
cover analysis for construction stages and service
conditions where other loads due to traffic, wind,
temperature, time-dependent concrete effects,
etc. must be taken into account.

In the following the various analysis models for
steel and composite steel-concrete bridges are
presented. Models for superstructures (decks) are
linear since decks are expected to remain elastic in
the seismic situation. Any inelastic activity should
be restricted to bearings, piers, piles, soil, etc. For
bearings and piers, nonlinear characteristics are
provided. For other elements (piles, abutments,
soil), reference is made to other chapters.

Rigid Deck Model

In this model the superstructure is represented as
a single mass, Mg;,, acting on a spring of stiffness

Seismic Analysis of Steel and Composite Bridges: Numerical Modeling

Kgir- My;, includes the entire mass of the deck
without the mass of the piers. The global spring
stiffness Ky;, represents the combined stiffness of
bearings and piers and the foundation of soil and
is calculated from

1 1 1
I +
Kair Z Kbearings Z Kpiers

1
+—==——— wheredir = direction XorY
E Kfoundation

ey

The fundamental period for this single mass
oscillator is calculated from (see Fig. 3a)

The seismic forces acting on the entire deck
FEa. dir, tor are determined from the relevant
response spectrum. The seismic forces of bear-
ings at the top of one pier i may be determined
from

Z (Kbearing,i + Koier,i + Kfounda'(ion,i)
Kair

I:bearing,i =

F AE, dir, tot

3

This model may be applied for the longitudinal
direction of straight bridges with continuous
decks, when the mass of the piers is less than
20 % of the tributary mass of the deck. The
model may be also applied for the transverse
direction provided that all conditions (a) to
(c) referred below apply (see EN 1998-2 2005):

(@ L/b<4.0
where
L is the total bridge length and
b is the width of the deck.
(b) Ad/d,y <0.2
where Ad and d, are, respectively, the maxi-
mum difference and the average value of
the displacements in the transverse direc-
tion of all pier tops under Fag y.
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Seismic Analysis of Steel and Composite Bridges: Numerical Modeling, Fig. 3 (continued)
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Seismic Analysis of Steel and Composite Bridges: models. (b) Individual pier models. (¢) Spine models. (d)
Numerical Modeling, Fig. 3 Analysis models for seis-  Grillage models. (e) 3D beam models. (f) Comprehensive
mic design of steel and composite bridges. (a) Rigid deck  models

(c) The theoretical eccentricity between the mass ~ stiffness of the bearing device and is deter-
center of the deck and the stiffness center of mined iteratively to correspond with the bear-
the supporting members does not exceed 5 % ing’s displacements. In addition higher
of the deck’s length. damping values are achieved, so that

a reduction factor must be employed to the

The application of the rigid deck model may resulting seismic forces. More detailed infor-

be extended to cases where bearings with mation is given in sections “High-Damping

damping properties are employed. The bearing Reinforced Elastomeric Bearings” and “Lead
stiffness  Kpearing 1S €xpressing the secant Rubber Bearings (LRB).”
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Individual Pier Model

This model may be used for seismic analysis of
bridges in the transverse direction. Each pier and
the associated part of the superstructure is con-
sidered separately and represented as a single
mass oscillator. The mass of the oscillator is
Mpier, i» and includes the mass of the deck
between half distances of piers, while Kpie, j
represents the pier stiffness.

The fundamental period for pier i is calculated
from

“

Tpier,i=2-7-

Based on the fundamental period, the seismic
forces acting on top of the pier Fog y are deter-
mined from the relevant response spectrum. The
individual pier model is not appropriate for
curved or skew bridges, bridges with varying
spans, varying pier lengths, etc. It may be used
for long bridges where each pier is able to act
independent of the rest of the bridge. These
requirements are met when following conditions

apply:

(a) The seismic action in transverse direction is
mainly resisted by piers.

(b) There is no significant interaction between
adjacent _Ipiers.

(c) 0.90 < ==

= < 1.10.

Tpier, i+1

DEGREES OF FREEDOM

INTERNAL FORCES ACTING ON
GRAVITY CENTER

2601

Spine Models

Spine models are appropriate for performing
multimodal dynamic analysis on bridges and let
the seismic forces resisted by each pier deter-
mined in a “natural” way in accordance with
their relative stiffness. They may be employed
for “normal” bridges, normal meaning more or
less straight, low skew, narrow deck, and cross
section with limited distortion, i.e., with rigid
closely spaced transverse frames or crossbeams.

In spine models the bridge deck is represented
by beam elements that are positioned at the cen-
troid of the cross section and have six (6) degrees
of freedom (DOFs) at end nodes (Fig. 4).
The degrees of freedom are the translations
(u, v, w) along the principal axes coordinate sys-
tem (X, y, z) and the corresponding rotations
(6x, 9y, 0,). The resulting internal forces
(N, My, M,) act at the gravity center, while the
shear forces and torsion moments (Vy, V,, M)
at the shear center. Cross-sectional warping
may be taken into account by introduction of an
additional seventh DOF per node as independent
variable (0, = d0,/dx), which results in the
bimoment M,, as additional internal moment
(see Kindmann and Kraus 2011).

The initial beam cross section is the gross
cross section. However, for wide flanges, either
of concrete or steel, effective widths must be
introduced to consider shear lag effects (Fig. 5).
Although effective widths vary along the length
of the bridge, they are smaller at internal supports

INTERNAL FORCES ACTING
ON SHEAR CENTER

(N, My, M) (Vy, V2o My, M)
\ )
L nodej *M""(J)
ﬁ‘f/ Q@”kw[/ . MﬂD
0 ¥my node j+1 -~ \ node Muge1) $
w2 R Y TG,
' Shear Y1) It
i center 2(+1) V) Vy(e1) = Moy
iV, 7t por 90 le(jm
dx

Seismic Analysis of Steel and Composite Bridges: Numerical Modeling, Fig. 4 Representation of the bridge deck

by 7 DOF beam elements
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regions for composite bridges

than at spans, fixed values, equal to those at
spans, are considered for global analysis. It
should be mentioned that effective widths are
calculated differently for concrete flanges than
for steel flanges (see EN 1993-2 2006 and EN
1994-2 2005).

For composite bridges the flexural stiffness,
denoted as E - 1}, is calculated for the uncracked
section in regions where concrete is in compres-
sion. For seismic analysis, the short-term modulus
of elasticity of concrete is considered. At hogging
moment areas, concrete is in tension for beam-
type bridges. Cracking of concrete in those regions
is considered by introducing the flexural stiffness
E - I, of the “cracked” section in which the contri-
bution of the concrete slab is neglected. For con-
tinuous bridges the cracked region may be
considered to be adjacent to the internal supports
in alength equal to 15 % of the corresponding span
length (Fig. 6). The 15 % rule constitutes a rough

approximation of the true behavior (EN 1994-2
2005), however, for the purpose of seismic analy-
sis is considered as adequately precise.

As an alternative to the fully cracked section,
the tension stiffening effect of concrete may be
taken into account in the cross-sectional proper-
ties by increasing the area of steel reinforcement
by the factor 1/[1 — (0.5 - foim)/(Ps, tor - fsk)] Where
Ps. tor 1S the total reinforcement ratio, f.y, the
mean tensile strength of concrete, and fy the
characteristic yield strength of the reinforcing
steel (see Vayas and Iliopoulos 2013).

The torsional stiffness G - I; for composite box
girders may be calculated from mechanics, where
the shear modulus of concrete is taken into
account by introducing 0.2 or O as the Poisson’s
ratio for wuncracked and cracked regions
correspondingly.

Although the superstructure is represented by
a single beam in spine models, bearings and piers
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Fig. 7 Two-span
continuous bridge. (a)
Physical model and (b)
numerical spine model

Spring elements
(bearing, abutments)

appear individually in the model. Figure 7a
shows for a two-span continuous composite
girder bridge that is supported by two pile bent
abutments and one two-column bent. The cross
section is a composite section consisting of two
I-girders and a concrete deck. The girders rest
individually on bearings. Figure 7b shows the
spine model for this bridge. The cross section of
the superstructure is represented by a single beam
element, while each bearing by two horizontal
springs. The beam and the springs are coupled
by a rigid link that represents the crossbeam.
Below the crossbeam are the two piers that are
represented by beam elements that rest on trans-
lational and rotation springs representing the pile
foundation and the soil. Similar conditions apply
to the abutments, where each bearing is
represented by two horizontal springs, coupled
in series with horizontal abutment/foundation
springs.

Grillage Models

General

The most popular computer-aided modeling
method for the analysis of composite bridges is
the simulation by means of a plane grillage sys-
tem. This is due to the fact that this system is easy
to apply and comprehend as well as that it has
been proved to be sufficiently accurate for a wide

At mid-span _ At pier

SECTION

Beam element
(deck)

Beam element
(pier)
™™g Spring element

== (soil, foundation)

variety of bridge decks. In this model, the struc-
ture is idealized by means of a series of longitu-
dinal and transverse beam elements rigidly
interconnected at nodes. Each element is given
an equivalent bending and torsion inertia to rep-
resent the relevant portion of the deck.

Plate Girder Bridges

Figure 8 illustrates a grillage representation of
a simply supported composite bridge with four
main girders that may similarly be applied to
continuous systems or different number of main
girders. Longitudinal grillage members are
arranged to represent the main girders with the
inertia properties of the composite section (steel
section with a part of the slab corresponding to
the effective width). Transverse members repre-
sent the deck slab with thickness h. equal to the
thickness of the slab and width b equal to the
distance between transverse beams; it is conve-
nient to select b equal to the distance of the axle
loads. A non-cracked flexural rigidity for the slab
elements is usually applied. The torsional rigidity
of the transverse slab elements can be set to zero.
The total in-plane second moment of area of the
slab is equally shared to the two extreme main
girders (A and D), while the intermediate girders
(B and C) are given I, = 0. This is because wind
loads mainly act on the edge girders of the bridge.
In case of intermediate cross girders whose stiff-
ness may influence the transverse distribution of
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bridge

the vertical loads, these girders are taken into
account by appropriate modification of the trans-
verse member properties. In case of long dis-
tances between adjacent transverse beams,
X-bracing concrete elements may need to be set
in the deck’s plane in order to simulate the dia-
phragmatic behavior of the deck slab.

Reinforced elastomeric bearings, usually
implemented in bridges, are represented by
three axial springs of equivalent stiffness
corresponding to the relevant stiffness properties
in horizontal and vertical directions; the calcula-
tion of the bearings’ stiffness is presented in
section “Reinforced Elastomeric Bearings.” The
axes of the main beams coincide with the center
of gravity of their cross sections. However, the
bearings are positioned beneath the lower flange.
Accordingly, rotations of the main girders result
in horizontal deformations u of the bearings and
additional support reactions Ry, The support
nodes are therefore put at a lower level from the
grillage members and are connected to the longi-
tudinal beams by rigid vertical bars whose height
h is equal to the distance between the center of
gravity of the main composite beams and the
bottom flange; for better accuracy, the shear
center of the cross section should be used
which is assumed to be the “real” center of rota-
tion. In case of intermediate cross girders whose
stiffness may influence the transverse distribution
of the vertical loads, these girders are taken into
account with beam elements of an appropriate
stiffness.

At piers truss elements are used for the rep-
resentation of the cross braces. Due to the height
h of the rigid elements, the geometry of the
bracings in model may not follow the exact
geometry of the bracings in real structure.
A height adjustment for the rigid elements may
then be necessary. This should be done only for
the purpose of estimating the forces of the brac-
ing members due to horizontal loadings, i.e.,
wind or earthquake. It has to be stated that in
most bridges the gravity center of the composite
cross sections is located near the top flange. For
such cases a height adjustment has little influ-
ence on final results.

Skew Bridges

In skew bridges the support abutments or piers
are placed at angles other than 90° from the
longitudinal centerlines of the girders (Fig. 9).
The skew angle is usually defined as the angle
between the longitudinal axis of the bridge and
a line square to the supports. The presence of
skew affects the geometry and the behavior of
the structure. Special phenomena, like twisting
and out-of-plane rotation of the main girders dur-
ing concreting, uplifting forces at bearings, and
fatigue problems due to out-of-plane web distor-
tion, make the analysis and design of skewed
bridges intricate. The transverse elements
representing the slab are usually oriented perpen-
dicular to the main girders (orthogonal mesh);
this is the most usual grillage model used by the
designers. Alternatively, the transverse members
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Seismic Analysis of Steel and Composite Bridges: Numerical Modeling, Fig. 10 Grillage model of a simply

supported box girder bridge

can be placed parallel to the line of supports
(skewed mesh). Generally the skewed mesh is
convenient for low skew angles (8 < 20°) or
when the intermediate bracing is not arranged
square to the main girders.

Curved Bridges

Curved decks pose no particular problem for gril-
lage modeling (Fig. 9). A curved bridge deck can
be represented by a grillage of curved members
or of straight members. Some computer programs
support curved members but others do not. Gen-
erally, a grillage of straight beams with a very
fine mesh is for small values of curvature suffi-
ciently accurate. For highly curved bridges,
3D — or FE — models should be used (Adamakos
et al. 2011).

Box Girder Bridges

A grillage model can be implemented also for
single-box girder bridges (Fig. 10). The box
girder is divided in two opened composite cross
sections in which the shear lag effect in the deck
slab and the lower flange is considered through
the effective widths. The grillage is thus com-
posed of two main composite girders A and
B transversely connected with beams
representing the internal braces or diaphragmes,
not the slab. The torsional rigidity of the compos-
ite box girder is represented in the model by
a fictitious girder located between the main com-
posite girders. The central girder comprises also
the whole bending (I, o) — and shear stiffness of
the deck slab (Ay ~ slab area). The flanges for
girders A and B extend over their effective



2606 Seismic Analysis of Steel and Composite Bridges: Numerical Modeling
a L b L bet
+P+ *_p1
S L ——= 7
H T, /
' /
v o - _ _/
EEAN
©ZZzz7Za

1.

bot

7

30-e;

Seismic Analysis of Steel and Composite Bridges: Numerical Modeling, Fig. 11 (a) Shear flow of the box section

due to St. Venant torsion. (b) Deformation of cross frames

widths. Care should be given that these widths are
different for concrete and for steel flanges and
also different for analysis and for design.
Longitudinal stiffeners in the bottom flange
are considered by “smearing” them over the
flange width. The bottom flange is then consid-
ered having a total thickness of tio; = t + taqq,
where t is the thickness of the panel and t,gq =
>~ Agiffeners/ br. The same procedure is followed
for bridges with orthotropic steel deck, where the
top flange panel is taken into account with
increased thickness due to “smearing” of the lon-
gitudinal stiffeners. However, the increase in
thickness does not apply to the web panel due to
the fact that existing longitudinal stiffeners are
usually placed only to enhance its buckling resis-
tance and are not necessarily continuous.
Transverse beams in the global model repre-
sent the flexibility of the cross frames or of cross
braces. Since a single beam shall represent an
entire frame, the definition of its properties
requires some preliminary analysis. The beams
are considered as rigid in bending but flexible in
shear deformations. Accordingly they are
assigned an infinite in-plane second moment of
area and a shear area A,. Cross frames or cross
braces, and accordingly the transverse beam,
resist part of the torsion while they are not
strained due to global bending. A global torsion
moment M; is partly resisted by the St. Venant
action and partly by the cross frames or cross

braces. This torsion is split into antisymmetric
loading + P = M,/ L (see Fig. 11). The St. Venant
shear flow is given by

M, P.L
T= - 5
2 A 2-A ®)

where A is the shaded area in Fig. 11a.
Therefore, the forces resisted by the cross ele-
ments are equal to

P =P — T Hinglined - sing =P —-T-H (6)

where P = M, /LIt may be seen that the cross
elements are resisting part of the global torsion. If
the webs are not inclined (¢ = 900), the force
resisted by the cross elements is equal to:

P.L

P=P-swr

P H
P
2 b

i.e., 50 % of the acting forces
(7N

Subsequently the vertical deformation v of the
cross frame due to antisymmetric loading £P; as
determined before is numerically calculated
(Fig. 12). Due to symmetry, only half of the
cross section is analyzed and hinges are placed in
the middle of the flanges. The two flanges and the
web are represented by beam elements with cross
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sections composed of the transverse stiffeners or
transverse girders and an associated flange width.
The effective width for the web and the bottom
flange panels is equal to 30 - & - t,e = /235 - fy,
where f,, = yield stress in MPa and t = thickness of
the web or bottom flange.

Orthotropic steel decks are represented in
a similar way. For composite bridges with con-
crete decks, the cross section of the relevant beam
element is composed of the transverse girder and
the effective width of the concrete slab.

The deformation of a transverse beam is equal
tov=P-L/(A,- G) where G is the shear modulus
(see Fig. 12). By setting this deformation equal to
the deformation of the cross frame calculated
previously, the shear area of this beam is defined
as equal to

APl

V-G ©

where v is the deformation of the system of
Fig. 11 due to the load P, given before.

Half-Through Bridges
Half-through bridges may be also represented by
plane grillage models (Fig. 13). Main and cross

-P

+P

N

'S
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girders are represented by beam elements, the
former with steel sections, the latter with compos-
ite section including the effective slab width.
Lateral torsional buckling phenomena of the
top compression flange cannot be captured by
this grillage model. 3D models are then
recommended.

3D Models

General

The structural representation of bridge decks with
truss girders or I-shaped plate girders may be
done by means of 3D models as proposed from
Vayas et al. (2010, 2011) and Vayas and
Iliopoulos (2013). Truss girders are represented
by their chord and bracing members, while plate
girders are transformed to equivalent trusses.
Such models have been proven to be advanta-
geous for modeling orthogonal, skewed, and
curved bridges. Unlike grillage models, they are
able to consider:

» Eccentricities among the structural elements
of a bridge and therefore additional internal
forces and possible load distributions

» The transversal variation in the level of the
neutral axis

» Torsion and distortional warping effects

» The dispersed structural behavior of the deck
slab, in which bending takes place in two
directions

» Buckling phenomena of the steel girders dur-

L ing erection stages
Seismic Analysis of Steel and Composite Bridges: D.iaphragms, b?acing systems, .and
Numerical Modeling, Fig. 12 Deformation of the trans- stiffeners — possible overload or fatigue
verse beam of the global model effects are taken into account
—— —— Main Girder
. [
- = () . o
£ : g
= . mils 5 5 5
11 11 r1 rr ryoer 19 14 1pr1pr rvurridr E n (D
- o S
Cross girder § IS ;SE
Main Girder

Main Girder Main Girder

Seismic Analysis of Steel and Composite Bridges: Numerical Modeling, Fig. 13 Grillage model of a half-

through bridge
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Girder Representation

Steel and composite I cross sections are modeled
by a “hybrid” truss as shown in Fig. 14. For the
steel girder, the flanges of the truss are beam
elements with a cross section composed of the
flange and a part of the web of the steel girder.
Comparative analyses showed that one third of
the web height may be associated to the flange.
Therefore, the flanges of the truss are T-sections
consisting of the flange of the steel girder and one
third of the web and are positioned at the center of
gravity of the T-section. The webs are
represented by diagonal truss elements with
width equal to one third of the web height and
thickness equal to the web thickness. It has been
also shown that the cross-sectional area Ay =
hy, - ty/ 3 for the diagonals adequately corre-
sponds to the shear stiffness of the web. The
post-beams are located at a spacing s = 5 % of
the span of the bridge. This distance is generally
acceptable for small and medium span bridges
because the angle between the diagonals and the
flange elements usually remains between 35° and
45°. Post-beams represent both the in-plane and
out-of-plane stiffness of the web.

For a composite section the same procedure
is followed, with the concrete slab represented
by another beam element connected with the
upper flange of the truss through the appropriate
offset: offset = distance between the centroids C.

Longitudinal

and Cy,. The nodes of the elements that represent
the slab are the same nodes of those representing
the upper flange of the truss. It is recommended
that a fine mesh is used for the beam elements of
the concrete slab and the top flange of the steel
girder so that a full shear connection is achieved.
Without a fine mesh the beam elements of the
slab may deflect differently than those of the top
flange.

Slab Representation

Slabs are structurally continuous in both direc-
tions X and Y, and they resist applied loads by
shear forces, bending moments and torques
which are coupled with each other. For this rea-
son it was previously mentioned that the trans-
verse slab elements of the grillage models should
not be used for the final design of the slab.

A grillage model which considers the dis-
persed bending and torsion stiffness of a solid
slab is illustrated in Fig. 15. The grillage mesh
should be sufficiently fine so that the grillage
deflects in a smooth surface in a similar way as
a real slab. A smooth deflected surface is equiv-
alent to the requirement that the twist §*w / 9xdy
is the same in orthogonal directions and that my,
= myy. The spacing of the beams shouldn’t be
less than 2.5 times the slab depth. Transverse
beams should have spacing similar to that of the
longitudinal beams. It is also recommended that

Mass element

Upper flange + 1/3-web e, slab beam |0§F|n9 by
(beam element) Fine mesh |
4 OO OO OO LI Y 5 o oC. he
OffsetI
Post beam A . A I Thy,
(beam element) Coo 3
A=s-t LY 4 L) t hw
LW LW W -
|y—S3' tw/12 ) "“~~ . os~ Cw 3
L=s-t3/12 . o’ ‘\\\ h
o o 18 Cs o
Y R Y PR |

Lower flange + 1/3-web [ j

(beam element)

1/3-web

(truss element) 4 C : Centre of gravity
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Seismic Analysis of Steel and Composite Bridges: Numerical Modeling, Fig. 14 Truss idealization for a steel-

concrete composite girder
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solid slab

the row of longitudinal beams at each edge of the
grillage should be located in a distance of 0.3 - h,
from the edge of the slab, where h. is the slab
depth (see Hambly 1990). This is where the resul-
tant of the shear flows is located. The width of the
edge member for the calculation of It should be
therefore reduced to b-0.3 - h..

The 3D Model Implementation
The grillage model for the slab’s representation
in Fig. 15 can be combined with the truss model
which is shown in Fig. 14. Figure 16 illustrates
a 3D model which is recommended for the struc-
tural analysis both of simple and continuous com-
posite bridges. Attention must be paid so that
the grillage has its longitudinal members coinci-
dent with the center lines of the steel sections.
At sagging moment areas, longitudinal slab
elements are used with their uncracked properties.
At hogging moment areas, concrete is considered
as fully cracked and the total reinforcement is
positioned due to simplicity at center of the slab.
Transverse slab elements can be considered with
their uncracked properties.

One can see that the model can be set up in
a detailed way by taking into account all the

necessary structural elements, i.e.,
bracings,  bearings, etc.  Imperfections,
precambering, and girders with variable cross
sections can also be implemented in the model.
Therefore, structural phenomena which may be
difficult or impossible to investigate with plane
grillages are included in the outputs of the 3D
model, e.g., arch effects in integral bridges with
longitudinally variable cross sections.

Cross-

Modeling of Bearings

General

Bridge decks rest usually on bearings that are
important elements for seismic analysis and
design. Most of the bearings, especially modern
bearings, provide seismic isolation to the bridge,
reducing the forces on piers, foundations, and the
soil. Seismic isolation is provided due to the low
stiffness of such bearings that results in a shift to
longer fundamental periods and lower spectral
values (see Chopra 1995). An appropriate repre-
sentation of bearings in the structural model is
essential for seismic bridge design and will be
presented in the following. Bearings may deform
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during seismic action in the nonlinear range.
Accordingly linear and nonlinear characteristics
are provided.

Reinforced Elastomeric Bearings

Reinforced elastomeric bearings (Fig. 17) consist
of uniformly spaced layers of elastomer
(natural or synthetic rubber) and reinforcing
steel plates that obtain their bonding through the
process of vulcanization. The equivalent viscous
damping ratio for common elastomers § is less
than 6 %.

Reinforced elastomeric bearings are intro-
duced as linear springs in global analysis. The
spring stiffness in each unrestrained horizontal
direction may be obtained from

A-G
Kair = T—" ©)

where:

A =a-bor n-D%4is the plan area of the
bearings.

T. is the nominal thickness of the elastomer
layers.
dir = global direction X or Y.

The shear modulus Gy, considered has an
increased value compared to G = 0.9 MPa of
elastomers to account for the speed of loading in
the seismic situation so that (see EN 1998-2
2005):

G,=11-G (10)

Beyond this, upper and lower values of the
shear modulus are introduced in the seismic com-
bination with recommended values as follows:

Gb,max = 1.5-Gp = 1.65- G (11a)

Go,mn=10-G,=1.1-G (11b)

Upper values are supposed to result in maxi-
mum forces, minimum values maximum dis-
placements. However, this might not be always
the case, depending on the resulting periods and
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the spectral values. In vertical direction the bear-
ing is practically incompressible so that the ver-
tical displacement is considered to be restrained
without use of springs.

High-Damping Reinforced Elastomeric
Bearings

These are bearings in which the common elasto-
mer is substituted by high-damping elastomer.
Their equivalent viscous damping ratio £ reaches
values between 10 % and 20 %, while common
elastomeric bearings have damping ratios &
below 6 %. These bearings are modeled in global
analysis as linear springs like common elasto-
meric bearings. The reduction in seismic forces

is taken into account by application of the reduc-
tion factor m =./10/(5+&) > 0.55 on the
forces determined from a response spectrum
with 5 % damping.

Spherical Bearings

Spherical bearings consist of a sole plate that
transfers loads from the superstructure,
a concave spherical segment and a convex spher-
ical segment that provides a mating surface for
the concave segment and transfers load to the
substructure (Fig. 18). PTFE (Teflon) sliding
layers are provided between the three parts to
allow horizontal displacements and rotation in
all directions. Spherical bearings provide
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therefore only vertical support. They are accord-
ingly represented by hinges allowing also hori-
zontal displacements. Spherical bearings may be
also guided to restrain displacements in one or
both horizontal directions. In this case displace-
ments in the relevant horizontal direction are
restrained.

Pot Bearings

Pot bearings are based on the incompressibility of
natural rubber when placed in a closed steel pot
where natural rubber behaves like a fluid
(Fig. 19). Pot bearings are able to transfer high
compression forces in a small surface and allow
rotations around all axes. They provide horizon-
tal and vertical support while rotations are free.
Provision of a sliding material allows horizontal
displacements in which case the bearings provide
only vertical support.

Lead Rubber Bearings (LRB)

These are common reinforced elastomeric bear-
ings with low-damping elastomer and
a cylindrical lead core that may reach damping
values up to 40 % (Fig. 20a).

During cyclic loading the lead core is yielding
and strain hardening so that the hysteretic
response of the bearings, as illustrated in
Fig. 20b, is typical for a yielding and strain
hardening material. In analysis the bearings
may be accordingly represented by a bilinear
horizontal springs with elastic stiffness K.
for displacements up to the yield displacement
and post-elastic tangent stiffness K, for larger
displacements.

The elastic stiffness may be determined from

K. = Kr + KL (12)
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where:

KR is the shear stiffness of the elastomers.
K is the shear stiffness of the lead core.

The yield force is determined from

Kr
Fy=Fiy - (143

where F| is the yield force of the lead core.
The force at zero displacement is equal to

13)

Fo=F, - K, -d, 14)
The post-elastic stiffness is attributed to the

lead core only and is calculated from

o Fmax B Fy _ KR

Ko =
" dpa — dy

s)

However, the above bilinear representation is
appropriate for nonlinear analyses. For linear
analysis the spring properties are linearized by
introduction of the secant stiffness. This effective
stiffness is written as

Fmax
dpq

Kett = (16)
The analysis must be iterated in this case by
introduction of an initial value for K¢ and update
it consecutively as a function of the resulting
maximum displacement of the previous step.
Figure 20b indicates that lead rubber bearings
dissipate energy when displaced beyond the yield
displacement. The energy dissipation per cycle
equals to the shaded area of Fig. 20b and may be
determined from
Ep =4 (Fy - doa — Fax - dy) (17)
The energy dissipation may be transformed to
increased damping with an effective damping
ratio E.¢r determined from

Ep Ep
Fmax : dbd 2-m- Keff . dtz,d

&eff = (18)
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where all symbols are indicated in Fig. 20b. For
linear analysis the value of . is updated in each
iteration step in order to determine the reduction
factor for increased damping on the resulting
seismic forces. When the rigid deck model is
employed, all bearings are represented by
a single spring with an equivalent stiffness and
damping ratio determined from

Kett, ot = Z Keir, i (19)

ED, tot — ZED,i

where the summation refers to all bearings i.
The equivalent damping ratio for all bearings
is calculated from

(20)

Ep, tot
2.7 Kegr - &y
_ 1 ~_Ep,u
2-m-diy ZKeff,i

éeff ,tot —

21

The steps of the iterative procedure for the
rigid deck model are as follows:

1. Selection of the bearings

2. Initial assumption for the displacement dyq

3. Calculation of Kegr. 1o, Cetr, tor and Ep, o as
a function of dyyq

4. Determination of the fundamental period of the
equivalent system Tesr = 2 - T - \/Miot/Ket, tot
where M, is the total mass

5. Determination of the seismic forces and the
new displacement from Table 1

6. Repetition of steps 2-5 until converge of the
displacements is achieved

Friction Pendulum Bearings (FPS)

Friction pendulum bearings constitute a variation
of the spherical bearings, where the plane sliding
top surface is replaced by a curved one (Fig. 21a,
b). They exhibit, unlike spherical bearings, a
re-centering capability and are not subjected to
rotations. The force at zero displacement is pro-
vided by the friction and is given by
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Seismic Analysis of Steel and Composite Bridges: Numerical Modeling, Table 1 Seismic forces and design

displacements (EN 1998-2 2005)

Fundamental
period Seismic forces Design displacement
4 — T TE” tot
ECTi Tetf, tot FaAe =B Tmfm ‘n- Ag -W dps = _137; -de
Tp < Tett, tor FAE:B';{QC&'H'AQ'W dbd:%D'dC
effy tot = c

Spectra Acceleration spectrum Displacement spectrum

Spectral Displacement

acceleration spectrum

Sad(Teff) dbd(Teﬂ')

! ! i ! >Teff geff
Ty, T T T, Ty Tc Tp

Notation A, peak ground acceleration, W total weight, and n = ,/10/ (5 + Eerr, [m) > 0.55
a dbd NEd

Seismic Analysis of Steel and Composite Bridges: Numerical Modeling, Fig. 21 Layout of (a) single- and (b)
double-friction pendulum bearings. (¢) Force-displacement behavior of friction pendulum bearings

Fo=pn-N (22)

The kinematics of the bearings leads to fol-
lowing relations:

sinp =d/R (23a)

tanp = F/N (23b)

Equating the above equations for small angles
sing ~ tan@ that may be considered as valid with

good approximation when d / R < 0.25 and con-
sidering the developing friction between sur-
faces, the following relation may be derived for
the restoring force:

d-N .
F=——+p-N-sign(d)

R (24)

where:

N is the vertical force.
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d is the horizontal displacement.
R is the radius of the spherical surface.
L is the friction coefficient.

sign (d) is the sign of the velocity.

It may be seen that the restoring force
increases linearly with the displacement and the
support reaction, i.e., with the mass. For two
spherical surfaces, similar relations apply,
where R = R + R, (Fig. 21b).

Figure 21c displays the force-displacement
characteristic of friction pendulum bearings that
indicates a symmetrical response. The effective
linear spring stiffness is proportional to the com-
pression force and is determined from

F 1 pn
Kar=-=N-(=+" 25
=g <R+d> (25)

The energy dissipation in a cycle is given by
Ep=4-p-N-d (26)

and the equivalent effective damping ratio by

ED - 2“
2-n-F-d m-(d/R+p)

et = 27)

When the rigid deck model is employed, the
equivalent stiffness of all bearings is determined
from

1
Kefr, ot = ZKeff,i =Wiq - (ﬁ + g) (28)

where the summation refers to all bearings i and
Wi 1s the total weight of the bridge in the seis-
mic situation.

The individual spring stiffness for each bear-
ing i is then

—i . Keff, tot (29)

where

N; is the compression force of bearing i.

If bearings with identical radius R are
selected, the damping ratios for each bearing
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and for the overall system are equal to
éeff, tot — ieff, i

The steps of the iterative procedure for the
rigid deck model are as follows:

1. Selection of the bearings, specifically the fric-
tion coefficient p and the radius R

2. Initial assumption for the displacement d

3. Calculation of Keg, 1o and Ey, 1or as a function
of d

4. Determination of the fundamental period of
the equivalent system
Tetr = 2 - T+ /Mot /Ket, ot Where My, is the
total mass

5. Determination of the seismic forces and the
new displacement from Table 1

6. Repetition of steps 2—5 until converge of the
displacements is achieved

The equivalent spring stiffness and energy
dissipation may then be calculated for each indi-
vidual bearing.

Fixed Bearings
Until the 1950s, steel bearings were used that
consisted of four types: pins, rollers, rockers,
and metal sliding bearings. Pins are fixed bear-
ings allowing rotations. Rollers and rockers allow
translation and rotation, while sliding bearings
utilize one plane metal plate sliding against
another, with PTFE as intermediate lubricant
material, to accommodate translations. These
older bearing types are modeled as hinges (see
Fig. 22). Fixed bearings may also be represented
by springs, their flexibility resulting from the
flexibility of the bearing bars and the elongation
of the anchor bolts.

The stiffness in longitudinal direction of fixed
bearings may be determined from

1 h? h-1ly

= +
K 3.-E-1 g.a. j{:?li

(30)

where:

E is the modulus of elasticity for steel.
I is the second moment of area of the bearing bar
(I=1b>h/12).
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Seismic Analysis of Steel and Composite Bridges: Numerical Modeling, Fig. 22 Fixed bearing

h is the height of the bearing bar.

A is the area of the anchor bolts.

1, is the length of the anchor bolts.

1; are the distances of the anchor bolts from the tip
of the base plate.

The stiffness in transverse direction is given
by a similar equation, neglecting the first term
due to the high stiffness of the bearing bar in this
direction and changing the direction of the
lengths 1;. If a bearing set is going to be
represented by one translational and one rota-
tional spring, the relevant spring stiffness may
be expressed by

Khor = Zfll Kj

(31a)
and

(31b)

n
Krot = Zl K; - 112)1

where:

K is the stiffness of each bearing as determined
before.

n is the number of bearings in the set.

ly; is the distance of bearing i to the centerline of
the bridge deck.

Modeling of Piers

Piers are generally represented by means of
6 DOF beam elements. The pier is usually

a b

mz

1O

Mg

ms

my

mg

e
&

Seismic Analysis of Steel and Composite Bridges:
Numerical Modeling, Fig. 23 Representation of piers
through discrete beam mass models — pier with (a) con-
stant and (b) variable dimensions

KOO0

subdivided in more elements, especially if
its cross section varies along the height.
The cross section of each element corresponds
to the average pier section within its length
(Fig. 23).

In frame bridges the superstructure runs
continuously and is rigidly connected to the
piers so that bearings and expansion joints are
avoided. Such bridges are allowed to behave
nonlinear in the seismic situation. Unlike in
moment-resisting frame buildings where plastic
hinges are developing in the beams, plastic
hinges are expected to develop in bridges in the
piers so that the superstructure behaves elastic
(Fig. 24).
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Seismic Analysis of Steel and Composite Bridges: Numerical Modeling, Fig. 25 (a) End connection of super-
structure to abutments in integral bridges. (b) Numerical grillage model of the end region of integral bridges

Accordingly for nonlinear analyses, the
nonlinear properties of the piers shall be
modeled. Two types of models may be used:

(a) Plastic hinge models: The nonlinear behav-
ior of the pier elements is located in rotational
springs at the ends of the elastic behavior part
of the element. The characterization of
a plastic hinge requires a moment-curvature
diagram to be defined. This is obtained from
the cross-sectional response to monotonic
loading that is derived from a finite element
analysis.

Plastic zone models: This accounts for
spread-of-plasticity effects in sections and
along the beam-column element. Beam-
column finite fiber elements may be used that
are able to better characterize reinforced con-
crete elements. Consequently, higher accuracy
in the structural damage estimate is attained,
even for the case of high inelasticity levels.

(b)

A structural model that includes nonlinearity
in a distributed fashion, using finite fiber
elements, is able to characterize in higher detail
the reinforced concrete elements and thought
to capture more accurately response effects
on such elements. Geometrical and
material properties are the only required ones as
input.

Modeling of Integral Bridges

Integral bridges are those where the steel girders
are encased in the abutment walls so that bearings
and expansion joints are avoided (Fig. 25a). Steel
girders are connected to the abutment through
reinforcement that passes through their web and
by shear studs in the flanges or the web. Move-
ments of the bridge due to thermal actions or
time-dependent deformations of concrete are
accommodated by the flexibility of piles that
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Seismic Analysis of Steel
and Composite Bridges:
Numerical Modeling,
Fig. 26 Finite element
model of a filler deck
bridge 5

Steel girders
(beam elements)
1Cross section
1

support the abutments. To increase the support
flexibility, steel piles are oriented with their
flanges parallel to the girders so that bending
occurs around their weak axis. Integral bridges
are allowed for straight and skewed bridges but
not for curved bridges. Settlements of the backfill
are accommodated by an approach slab. Integral
bridges exhibit a good seismic performance due
to increased redundancy, smaller displacements,
and larger damping due to nonlinear soil-pile-
structure interaction.

A grillage model for the end region of integral
bridges is illustrated in Fig. 25b. Steel girders and
piles are represented by 6 DOF beam elements.
Beam elements representing the girders are
assigned the properties of the cracked composite
cross section due to the fact that negative
moments develop in abutment so that the con-
crete slab is in tension. This section includes the
section of the steel girder and the reinforcement
within the effective width. Due to the small dis-
tance between piles, the pile cap is supposed to be
rigid so that piles are connected with horizontal
rigid elements and not with beam elements. The
connection of the embedded girder and the abut-
ment is supposed to be rigid. Accordingly the
beam elements of the girders are connected by
vertical rigid elements with the pile cap. Finally,
horizontal rigid elements are connecting the
beam elements of the girders. The vertical pile
support is supposed to be hinged. Springs in two
horizontal directions represent the soil that sup-
ports the piles, with stiffness varying in depth.

Seismic Analysis of Steel and Composite Bridges: Numerical Modeling

Concrete slab
(shell elements)

\ Road layout \

Spring elements:
(bearings)

Horizontal springs in the longitudinal direction
represent the soil-passive pressure behind the
abutment.

When nonlinear methods of analysis are
employed, the soil springs and the beam elements
of the piles are assigned nonlinear properties. In
an extension of the model, the connection
between girders and abutment is considered flex-
ible so that compression-only springs are intro-
duced at the contact points between girders and
concrete material.

Modeling of Filler Deck Bridges

Filler beam where small distanced steel beams
are encased in concrete are small span bridges
and are used both as simply supported (max. span
~ 15 m) and continuous systems (max. span ~
30 m). Shear connection is ensured by transverse
reinforcement that passes through holes at the
webs of the steel beams. Figure 26 shows such
a bridge that is composed of closely spaced lon-
gitudinal IPE girders resting on two transverse
stee] H-shaped (HEA section) girders that are
supported by reinforced elastomeric bearings.
The bridge is orthogonal but the road is skew.
The longitudinal elements are represented by
beam elements their section being composed
from the steel girder and the associated concrete
embedment. The transverse H girders are also
represented by beam elements with an HEA
cross section. Shell finite elements represent the
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Seismic Analysis of Steel and Composite Bridges: Numerical Modeling, Fig. 27 Time history analysis of
2 x 34 m long span plate girder bridge with a 3D beam model

concrete slab that serve for an easy application of
traffic loads, distribute vertical and horizontal
loading between longitudinal beams, and ensure
diaphragm action. In order to correctly represent
the stiffness of the deck, the concrete of the
longitudinal beam elements is assigned a very

low modulus of elasticity. However, concrete
strength is introduced with its design value in
order to allow correct design of the composite
action. Deflections are calculated as average
values between uncracked and cracked analysis,
the latter being simulated by considering the
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thickness of the concrete shell elements not as the
total slab thickness but as the thickness of the
compression zone. Bearings are represented by
linear springs. The above-described model is
a combination of a grillage and a FEM shell
element model.

Application: Time History Analysis with
a 3D Beam Model

A time history analysis of a two-span composite
bridge with six main girders is indicatively dem-
onstrated in Fig. 27. The bridge has been modeled
according to the recommendations of the section
“3D Models.” The superstructure rests on
low-damping elastomeric bearings whose stiff-
ness has been estimated through Egs. 8, 9, 10,
and 1la and 11b. For the analysis a damping
factor equal to 2 % for the three first natural
modes has been implemented, value taken from
the fabricator of the bearings. The mass of the
superstructure includes all the permanent loads
and 20 % of the traffic loads. One can see that
with the 3D beam model, the time variation of the
vertical reaction forces R, can be calculated;
such a calculation with a grillage model would
not be feasible. Moreover, the internal forces of
the cross girders are calculated. Not only the
grillage model but a detailed FE model as well
would not give the possibility of such
a calculation since shell or volume elements
offer stresses and not forces or bending moments
as final results. With the 3D beam model, the
frame action of the cross girders (HEB 300) and
the transverse stiffeners (1/2 HEA 400) could be
adequately investigated.

Summary

Different types of models are used for the design
and seismic analysis of steel and steel-concrete
composite bridges. In this entry 1D, grillage,
spine, 3D beam, and finite element models are
presented. The advantages and drawbacks of
each model are debated, and modeling

Seismic Analysis of Steel and Composite Bridges: Numerical Modeling

recommendations for plate, filler deck, and box
girder bridges are provided. The implementation
of structural bearings in the models is also
discussed, and guidance on the calculation of
the bearings’ stiffness and the seismic forces is
given. The entry ends with an example of a time
history analysis of a continuous composite beam
and the calculation of reaction forces and
displacements.
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Introduction

The aim of this contribution is to present the state
of the art in numerical modeling of steel build-
ings, aiming at their structural analysis and
design. To that effect, the successive stages of
this process will be presented, including the con-
ceptual design, numerical modeling, application
of support conditions and loads, structural analy-
sis, and design checks. The two latter issues,
structural analysis and design checks, will be
discussed briefly, to the extent that they interact
with the modeling process, as they are also cov-
ered in detail in other parts of this encyclopedia.
The interaction with other engineering disci-
plines throughout the design process will be dem-
onstrated. For the purpose of this presentation, a
prototype building will be used, which is
described in the next section.

Description of Prototype Building

A simple single-story laboratory building, part of
an industrial project, will be used as prototype
building for this presentation. The building’s plan
view is 28.00 m by 15.00 m (Fig. 1), and there is a
small loft in part of the building (Fig. 2). The roof
is double pitched with minimum required clear-
ance equal to 4.50 m (Fig. 3). The locations of
exterior doors are fixed, imposing restrictions on
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the layout of structural elements, as will be
described in the following section. The prelimi-
nary architectural drawings include proposed col-
umn locations, indicated by their I-sections in the
plan views of Figs. 1 and 2.

Conceptual Design

The initial stage of the structural design process
consists of the so-called conceptual design, in
which the different structural elements that are
needed to support the structure are selected and
are geometrically defined, taking into account the
architectural requirements. In parallel, all restric-
tions imposed by the building’s use, as well as its
location and associated environmental actions
have to be satisfied.

To that effect, close cooperation and interac-
tion of the structural engineer with other involved
engineering disciplines are necessary. Such dis-
ciplines include, at a minimum:

o The architectural engineering team, to deter-
mine the overall geometry; positions of open-
ings; types of materials for floors, cladding,
etc.; and associated dead loads and, in general,
to ensure that structural choices do not inter-
fere with the building’s desired function and
aesthetics

» The mechanical/electrical/ HVAC engineering
team, to determine loads that are associated
with these functions of the building and to
prevent conflicts with required shafts and
other openings for passage of lifelines

» The geotechnical engineering team, to obtain
data about the soil and its mechanical proper-
ties and to determine the type of the building’s
foundation

In conceptual design, all basic decisions,
regarding material properties, structural sys-
tem, loads, and codes to be applied, are
taken. All structural engineering experts agree
that this is the most important design stage and
that these decisions affect significantly the pro-
ject’s design and construction schedule and
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Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 2 Architectural plan view of loft of prototype

building (out of scale)

cost, sometimes even its feasibility. This is a
process mostly dictated by the available expe-
rience of all participating design teams but can
nowadays be assisted by modern software

tools, both for preliminary design of the dif-
ferent building’s facilities but also for commu-
nication between involved teams (building
information modeling, BIM). However, a
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Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 4 3D view of prototype building’s 3D model

more detailed treatment of this design stage is
beyond the scope of this presentation.

Several conceptual design choices for the pro-
totype building described in section “Description
of Prototype Building” are illustrated in Figs. 4,
5,6, 7, 8,9, 10, and 11. The figures have
been obtained from a 3D model of the building’s
structure, made with a specialized modeling
software, which enables integration of architec-
tural and structural engineering and other solu-
tions and production planning systems, working
for both detailing and producing steel structures
of any type.

The building’s structural system consists of:

Two-span main frames spaced at 6.00 m (with
the exception of the first span, which is equal
to 4.00 m) in accordance with the architectural
proposal. Columns and girders have I-section,
oriented so that the strong axis acts for
in-plane loading. It is noted that a 6.00 m
distance between main frames is optimum for
avoiding loss of material in purlins and longi-
tudinal beams, taking into account that steel
members are commonly fabricated in 12.00 m
lengths. Haunches are provided between
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Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 5 Plan view of prototype building’s 3D model
above foundation level

Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 6 Plan view of prototype building’s 3D model
above loft level

columns and girders at internal frames, in <« Longitudinal beams connecting the main

order to achieve reduction of girder cross sec-
tion and to accommodate the required number
of bolts for a moment connection. External
frames are equipped with vertical X-bracing,
so that truss action dominates rather than
frame action. As a result, smaller column and
girder sections are possible, and there is no
need for haunches between columns and
girders.

frames at the top and at mid-height of col-
umns. On one side of the building, the
mid-height head beam is eliminated in the
last span, to accommodate a required door at
that location. A beam over the door is used
instead. It is noted that this is not an optimum
structural configuration, but it is an
acceptable compromise to respect functional
requirements.
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Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 7 Roof plan view of prototype building’s 3D model

Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 9 Front view of prototype building’s 3D model
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Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 10 Transverse section of prototype building’s 3D
model at spans with loft

Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 11 Transverse section of prototype building’s 3D
model at spans without loft

» Vertical X-bracing at two spans to provide at the roof’s peripheral panels, to ensure suffi-
lateral stability in the longitudinal direction. cient diaphragm action.
The type of bracing depends on panel geome- ¢ Roof and side purlins to support cladding.
try, aiming at inclination that is as close as
possible to 45°. A peripheral reinforced concrete wall is pro-
* Horizontal roof bracing at the same spans vided, to ensure water tightness and to protect the
where vertical bracing is provided, as well as  steel columns from eventual vehicle collisions.
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Taking also into account the available geotechni-
cal information for this site, foundation beams are
provided at the periphery of the building, along
the axis of intermediate columns and below the
auxiliary columns supporting the loft. A steel
staircase is provided to connect the ground floor
with the loft.

Seismic Analysis of Steel
Buildings: Numerical
Modeling, Fig. 12 3D
view of prototype
building’s finite element
model

Numerical Modeling

For the simulation, analysis and design of super-
structure and foundation use is made of an
appropriate finite element software. Views of
the finite element model are shown in Figs. 12,
13, 14, and 15.

7.31

7.31

(&)

Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 13

ing’s finite element model

Foundation plan view from prototype build-
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Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 14 Loft’s plan view from prototype building’s
finite element model

(1) (2) (3) (4 (5) (6
I(Si—T I I | T [

(<}

Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 15 Roof’s plan view from prototype building’s
finite element model

Some recommendations of good practice

when setting up the finite element model are the
following:

It is recommended not to include roof and side
purlins and other secondary members in the
numerical model. The type of connection
between purlins and main frame, which is a
simple support so that both purlins and frame

columns and girders are continuous but do not
transmit moments to each other, would require
rigid links for correct modeling, which is pos-
sible in most structural programs, but would
render the model unnecessarily complex. Only
those members that have an active role in the
building’s spatial response to either vertical or
horizontal actions need to be modeled. Other
members can be modeled, analyzed, and
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Seismic Analysis of Steel
Buildings: Numerical
Modeling,

Fig. 16 Column base
connections of prototype
building, modeled as hinges

dimensioned independently, and the loads
they transfer to the frames can be applied
directly upon the frame columns and girders
in the 3D finite element model.

» Haunches can be modeled by means of uni-
form beam section over the entire length of the
haunch, usually the one at haunch mid-length.
This provides a satisfactory representation of
increased girder stiffness in the area of the
haunch and enables safe prediction of strength
for the design phase.

« Particular attention is needed for the appropri-
ate modeling of supports and connections, by
releasing the appropriate member degrees of
freedom depending on the connection detail.
Even though real connections between steel
members are neither perfect hinges nor perfect
moment connections, it is common practice to
model all connections as either hinges or
moment connections, at least initially. Modern
codes provide tools for eventually classifying
connections as semirigid (e.g., European
Committee for Standardisation 2003c), in
which case either the connections should be
stiffened to become rigid or a rotational spring
should be inserted in the model to represent
the partially restricted connection between the
members in question. The decision about the
type of joint to be included in the model
depends mainly on the lever arm between
bolts in the connection. Connections of
I-beams where all bolts are between the

flanges are commonly modeled as hinged, as
is the case with the supports of all columns in
the prototype building (Fig. 16). In case bolts
are provided outside the flanges, rigid moment
connections are considered in the model, as is
the case with the column to girder connections
in the prototype building (Fig. 17). Welded
connections are usually modeled as rigid,
while connections between or at the end of
bracing members (Fig. 18) are modeled as
hinged.

For moment connections, no intervention is
required in the model, as this is the default
option for frame structures. Hinged connec-
tions are modeled by means of releases of
appropriate rotational degrees of freedom at
the members’ ends. In Figs. 19 and 20,
moment releases at the ends of roof and verti-
cal bracing as well as secondary beams are
denoted by black dots.

If there is a diaphragm in the structure, as, for
example, is the case with the composite slab of
the loft in the prototype building, it is
recommended to avoid the more complex
option of modeling it with shell elements and
instead create a “master” node that will be
connected with all nodes of the diaphragm
(Fig. 21). In this case, in order to account for
uncertainties in the location of masses and in
the spatial variation of the seismic motion, the
calculated center of mass at each floor shall be
considered as being displaced from its
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Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 17 Column to girder connections of prototype
building, modeled as rigid moment connections

Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 18 Connections between or at the end of bracing
members, modeled as hinges
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Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 19 Roof’s plan view from numerical model

illustrating with dots the joint releases on roof’s bracing and on secondary beams
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Seismic Analysis of Steel Buildings: Numerical
Modeling, Fig. 20 Building’s side view from numerical
model illustrating with dots the joint releases on column

Seismic Analysis of Steel
Buildings: Numerical
Modeling,

Fig. 21 Diaphragm
definition of loft slab

nominal location in each direction by an acci-
dental eccentricity, commonly taken equal to
e = 0.05-L, where L is the corresponding span
length.

Loads

The next phase of the design process consists of
setting up appropriate loading situations includ-
ing basic loads and load combinations. Basic
loads commonly include permanent loads, live
loads depending on the building’s intended use,

bases, on vertical bracing, and on secondary beams
(reinforced concrete pedestals on which steel columns
are supported are also shown)

and environmental loads such as those due to
snow, wind, and temperature, as well as seismic
actions in case the building is located in a seismic
region. Characteristic nominal values of live,
snow, and wind loads and seismic actions are
prescribed by pertinent codes (e.g., European
Committee for Standardisation 2001b, 2003a, b,
d, 2004a).

For the prototype building presented here,
Excel spreadsheets for the calculation of
snow, wind, and seismic loads are illustrated in
Figs. 22, 23, 24, and 25. Issues that may require
special attention include snow accumulation due



Seismic Analysis of Steel Buildings: Numerical Modeling

2633

Snow load calculation

According EN 1991-1-3

A 2
Sk:Sk,U 1+ W

o
a= 12.0 °
Roof's slope 0°<a<30° 30°<a<60° a>60°
H1 (al) 0.80 1.28
For a;
P1(az) 0.80 1.60
For a,
}lz(az) 0.80 1.60
s=4; ¥C,*C, %5y
1175

where
= 0.80 snow load shape coefficient
Ce= 1.00 exposure coefficient
C= 1.00 thermal coefficiant

Sk0= 0.8 design value of exceptional snow load on the ground for a given location (kN/m2)
)
= 130 Site altitude above sea level [m]
Si= 0.82 characteristic value of snow on the ground at the relevant site(kN/ mz)
v= 1.00 weight density of snow (kN/m?)
5= 0.65 snow load on the roof (kN/m?)

Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 22 Excel spreadsheet for snow load calculation for

the prototype building according to Eurocode 1 — Part 1-3

to roof geometry, increased snow density in
regions of low temperatures, or unusual building
shapes not covered by the code guidelines for
wind loads. Choices that differentiate the design
spectrum of steel structures from those of struc-
tures made of different materials are the values of
damping, commonly taken equal to 2 % for
welded and 4 % for bolted steel structures, and

the values of behavior factor, for which recom-
mendations are provided in the pertinent seismic
codes, depending also on the type of structural
system.

In case part of the structure is buried (e.g., a
basement), it is recommended to define accord-
ingly the level above which the structure vibrates
independently of the ground.
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Total building height h (m) = 7.90
Plan dimensions b (m)= 15.00 1 d=28.00m 1
d (m)= 28.00 T M
€0 (m)= 15.00 €90 (m)= 15.80
6=0° 1
FROM | 71O D(+)
HEIGHT 0.00 7.90  [zet -1.240 1.667 -1.240
-1.801 v 1.106 -1.801
Zone we wi Total A(-) , ©
A —1.801 | —0.561 | —1.240 (+) @
B —1.200 —0.561 —0.640 B(-) sl e
Cc -0.750 | -0.561 | —0.189 -0.640 (+) _oseiwiy ) > -0640 2|3
D 1.106 —-0.561 1.667 -1.200 ' -1.200 ©
E —0.561 —0.561 0.000 ° &
—0.189 j&— () —>| —0.189 =
-0.750 [c() -0.750
(+):Pressure directed towards the surface E(-) +
(-):Suction pressure (directed away from surface) 0.000
-0.561

Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 23 Excel spreadsheet for wind load calculation on
the side walls of the prototype building according to Eurocode 1 — Part 1-4

WIND DIRECTION ©=0°
Parapet curved corner gradient corner
Building height h (m)=7.90 hp=0.00
Parapet height hp (m)=0.00 } o
hp/h="0.00 _ r Y,
Radius corner r (m)=0.00 h=|7.90 h
r/h="0.00
Corner angle o (0)=0.00
ze=h
Building dimensions b (m)=15.00 e=min(d,2h)
d (m)=28.00
€0 (m)=15.00 €90 (m)=15.80 e/4=3.95 e/4=3.95
d= 28.00
qp(h)=1.500 kN/m? |
e/10=1.58 I F ‘ G ‘ F
Position cpe we wi Total H 8_
F —1.300 | —1.951 | —0.561 | —1.390 2
G —1.000 -1.500 [ -0.561 | -0.940 &
/10=1.58 J
H —0.450 —0.675 | —0.561 | -0.114 @ I
| —0.500 —0.750 | —0.561 | —0.189 |
J —0.800 -1.200 [ -0.561 | —-0.640
(+):Pressure directed towards the surface
(—):Suction pressure (directed away from surface)

Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 24 Excel spreadsheet for wind load calculation on
the roof of the prototype building according to Eurocode 1 — Part 14

Following load calculation, basic loads are
then applied on the model, as shown schemati-
cally in Figs. 26, 27, 28, and 29.

The next step is to describe pertinent load
combinations in accordance with the relevant
codes (e.g., European Committee for
Standardisation 2001a), including combinations
in the ultimate (ULS), serviceability (SLS), and
seismic limit states. Common load combinations

for ordinary steel buildings are provided in
Table 1.
In Table 1:

» Live load corresponds to all relevant types of
live load, such as service load or load due
to snow.

» Wind load corresponds to four basic individ-
ual load cases for each direction, including
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Modeling, 3.0
Fig. 25 Horizontal /E \
component of elastic 25 E E
response spectrum of the / ! A \
prototype building 2.0 ; :
according to Eurocode 8 = i ‘ N
5 ! : b
: : o~
1.0 v v T —
: : i
0.5 L ! —
I I
0.0 ETB ETC TD
0.0 0.5 1.0 1.5 2.0 2.5 3.0
T(sec)

Seismic Analysis of Steel
Buildings: Numerical
Modeling,

Fig. 26 Application of
dead loads on the finite
element model of the
prototype building

uplift or downward pressure on the roof and
positive or negative pressures on the walls.
 Earthquake load corresponds to three basic indi-
vidual load cases, one for each global direction.
» Temperature load corresponds to two basic
individual loads (increase, decrease).

Structural Analysis

A decision that has to be taken next concerns the
type of structural analysis to be performed.

A variety of linear and nonlinear (geometrically
and/or material) and static or dynamic analysis
algorithms are commonly available in commer-
cial structural software (e.g., Gantes and
Fragkopoulos 2010). However, in the vast major-
ity of common steel buildings, linear static anal-
ysis is used in design practice for all loads and
load combinations, with the exception of seismic
actions, for which frequently both equivalent
static as well as response spectrum dynamic anal-
ysis are carried out. The principle of
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Seismic Analysis of Steel
Buildings: Numerical
Modeling,

Fig. 27 Application of
live loads on the finite
element model of the
prototype building

Seismic Analysis of Steel
Buildings: Numerical
Modeling,

Fig. 28 Application of
wind loads on the finite
element model of the
prototype building

superposition is routinely employed to obtain
action effects for load combinations.

In the equivalent static method, first the base
shear is calculated, which is then distributed over
the height of the building as specified by the per-
tinent seismic code. In the response spectrum anal-
ysis, for a given direction of acceleration, the

maximum displacements, forces, and stresses are
computed throughout the structure for each vibra-
tion mode. These modal values for a given
response quantity (displacements, forces, or
stresses) are then combined appropriately to pro-
duce a single, positive result for the given direc-
tion of acceleration, using, for example, the SRSS
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Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 29 Application of temperature increase on the

finite element model of the prototype building

or the CQC method. It is noted that most modern
codes contain a requirement of modal participat-
ing mass ratios at least equal to 90 %. In case this is
not satisfied, the response spectrum analysis must
be repeated with higher number of participating
modes.

The analysis results include mode shapes and
natural periods of vibration as well as deformed
shapes and internal force diagrams for all indi-
vidual loads and load combinations. A qualitative
evaluation of analysis results is always highly
recommended in order to detect possible model-
ing errors. For that purpose, it is a good practice
to start with mode shapes and natural periods of
vibration, proceed with deformed shapes for indi-
vidual load cases, continue with internal force
diagrams for individual load cases, and finally,
conclude with internal force diagrams for load
combinations and envelopes, which are also

used for design. Indicative results for the proto-
type building are presented in the following fig-
ures, including mode shapes (Figs. 30 and 31),
seismic deformed shapes (Figs. 32 and 33), and
internal force diagrams for individual load cases
(Fig. 34) and load combination envelopes
(Figs. 35, 36, 37, and 38).

Structural Design Checks

Following the qualitative evaluation of analysis
results on the basis of mode shapes and
corresponding  vibration periods, deformed
shapes and internal force diagrams, and provided
that confidence is gained for the correctness of
these results, design checks are performed,
consisting of general checks, member checks,
and connection checks. Foundation checks are
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Seismic Analysis of Steel Buildings: Numerical Modeling, Table 1 Common load combinations for ordinary steel

buildings in the ultimate (ULS), serviceability (SLS), and seismic limit states according to the Eurocodes

Load factors
Yunfavorable Yfavourable

Load combination Dead Live Wind Temperature Earthquake
ULS COMB1 1.35 1.50

COMB2 1.35 1.50 0.90

COMB3 1.35 1.50 0.90

COMB4 1.35 1.50 0.90 0.90

COMB5 1.35;1.00 1.50

COMB6 1.35;1.00 0.90 1.50

COMB7 1.35;1.00 1.50 0.90

COMB38 1.35;1.00 0.90 1.50 0.90

COMB9 1.35 1.50

COMB10 1.35 0.90 1.50

COMBI11 1.35 0.90 1.50

COMBI12 1.35 0.90 0.90 1.50
SLS COMB13 1.00 1.00

COMB14 1.00 1.00 0.60

COMB15 1.00 1.00 0.60

COMB16 1.00 1.00 0.60 0.60

COMB17 1.00 1.00

COMB18 1.00 0.60 1.00

COMB19 1.00 1.00 0.60

COMB20 1.00 0.60 1.00 0.60

COMB21 1.00 1.00

COMB?22 1.00 0.60 1.00

COMB?23 1.00 0.60 1.00

COMB24 1.00 0.60 0.60 1.00
SEISMIC COMB?25 1.00 0.30 1.00

Seismic Analysis of Steel
Buildings: Numerical
Modeling,

Fig. 30 Dominant
vibration mode in
transverse direction of
prototype building
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Seismic Analysis of Steel
Buildings: Numerical
Modeling,

Fig. 31 Dominant
vibration mode in
longitudinal direction of
prototype building

Seismic Analysis of Steel
Buildings: Numerical
Modeling,

Fig. 32 Deformed shape
of prototype building from
equivalent static

method — transverse
direction

also part of this process, which are presented in
other parts of this encyclopedia. This is an itera-
tive process, and frequently, there is a need to
return to the model, modify it, and run a new set
of analyses and checks, as schematically illus-
trated in Fig. 39.

General checks (e.g., European Committee for
Standardisation 2004b) consist mainly of
confirming that overall structure deformations

are acceptable for all load combinations. This
includes interstory drifts and overall building
drift for all load combinations with predominantly
horizontal components, such as wind and seismic
combinations. Depending on the use of the build-
ing, general checks may also include restrictions
about the vertical vibration frequencies, associated
with a sensation of unease of the users, as is the
case in stadium grandstands. In case such checks
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Seismic Analysis of Steel
Buildings: Numerical
Modeling,

Fig. 33 Deformed shape
of prototype building from
equivalent static

method — longitudinal
direction

Seismic Analysis of Steel
Buildings: Numerical
Modeling,

Fig. 34 Moment M3
diagrams of prototype
building from equivalent
static method — seismic
action in transverse
direction

are violated by far, a modification of the structural
system may be the only solution, while smaller
violations may be addressed by increasing mem-
ber cross sections.

Member checks (e.g., European Committee
for Standardisation 2004b) consist of compari-
son between actions and resistances in the
ultimate limit state and comparison of

maximum deflections
bounds in the serviceability limit state. As
flexural and lateral-torsional buckling are in
most cases critical for steel members, it is

to allowable upper

highly recommended that the engineer
reviews and modifies as needed the buckling
lengths 1initially proposed by the software
for the corresponding checks. It is also
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Seismic Analysis of Steel
Buildings: Numerical
Modeling,

Fig. 35 Envelope of
moment M diagrams of
prototype building for ULS
combinations

Seismic Analysis of Steel
Buildings: Numerical
Modeling,

Fig. 36 Envelope of
moment M, diagrams of
prototype building for ULS
combinations

noted that most seismic design codes require
capacity design checks, leading, for exam-
ple, to the necessity of larger bracing sec-
tions to satisfy minimum slenderness
requirements or larger column sections, to
adhere to the weak beam-strong column
design approach.

Connection checks (e.g., European Commit-
tee for Standardisation 2003c) include strength
checks, to ensure safe transfer of internal
actions between members, as well as stiffness
checks, so that the behavior of actual connec-
tions (Fig. 40) is in accordance with the
hinged/semirigid/rigid assumptions adopted in
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Seismic Analysis of Steel
Buildings: Numerical
Modeling,

Fig. 37 Envelope of shear
V, diagrams of prototype
building for ULS
combinations

Seismic Analysis of Steel
Buildings: Numerical
Modeling,

Fig. 38 Envelope of axial
force N diagrams of
prototype building for ULS
combinations

the numerical simulation. As there is so far
limited experience with the behavior of semi-
rigid connections under cyclic loading, it is
recommended to avoid their use in seismic
regions. Instead, it is proposed to stiffen the
connection so that it can be classified as rigid.
Strength calculation and stiffness classification
of steel connections are commonly performed
by means of dedicated software.

Foundation checks depend on the type of

foundation (mat foundation, foundation
beams, spread footings, pile foundation, etc.)
and consist of general stability checks
(overturning, sliding), soil bearing capacity
checks, comparison of absolute and differen-
tial settlements to allowable values, and cal-
culation of reinforcement for the reinforced
concrete elements.
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Increase member Violated
sections by far

A

Set-up of numerical model including loads and boundary conditions

Structural analysis for all loading combinations

cq Conceptual design

General
checks
satisfied

Increase member
sections

Model

Connection connection

Strengthen
connection

strength checks as semi-rigid

satisfied

Connection stiffness Stiffen
as assumed in model connection

Design completed

Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 39 Flowchart of structural design process for steel

buildings

a

Seismic Analysis of Steel Buildings: Numerical Modeling, Fig. 40 (a) Column base, (b) girder to column, (c)
frame ridge connections of prototype building

Summary

The state of the art in numerical modeling of
steel buildings has been presented, from the
point of view of the practicing structural engineer
designing such structures in seismic regions.

Conceptual design, numerical modeling, struc-
tural analysis, and design checks have
been discussed, but emphasis has been directed
toward modeling, as the other design phases are
covered in detail in other parts of this
encyclopedia.
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Synonyms

Concrete-encased steel sections; Connections;
Constitutive models; Cyclic behavior; Damping;
Frames; Hysteretic rules; Nonlinear; Numerical
modeling; Panel zones; Seismic analysis;
Steel—concrete composite; T-stub components

Introduction

Steel-Concrete Composite (SCC) Systems

Composite construction includes a wide range of
structural systems, e.g., framed structures
employing all steel-concrete composite (SCC)
members and components (e.g., composite
beam-to-columns and  connections) and
sub-assemblages of steel and/or reinforced con-
crete (RC) elements. Such components and ele-
ments are employed to optimize the resistance
and deformation capacity (Uchida and Tohki
1997). SCC structures have been used
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extensively in recent years because of benefits in
combining the two construction materials. SCC
structures are also known for their excellent
earthquake performance owing to their high
strength, high ductility, and large energy absorp-
tion. Their good structural damping properties
arising from the friction between the
steel-concrete interfaces make them an even
more attractive alternative for seismic resistance.

Consequent effects of combining the two
materials are the enhanced lateral strength and
stiffness of the frame, with apparent effects of
the alteration of the structural natural period
of vibration and the complex local behavior of
beam-to-column connections. Furthermore, SCC
beams subjected to lateral loading show complex
behavior due to several factors, including the slip
between the concrete slab and the steel beam, the
variation of longitudinal stress across the width of
the slab, and the overall configuration of the
numerous different types of models, while the
steel and concrete parts can be subjected to dif-
ferent actions in every case. For the above rea-
sons, the calculation of the seismic response of
composite structures is not a straightforward task
due to the interaction of local and global effects
and hence the unexpected failure modes that
might incur. Consequently, it is very important
for the analysis of such structures to account for
the local interactions (e.g., interface behavior
between steel and concrete) as well as the local
behavior of structural systems (e.g., beam-to-
column and base-to-column response). All these
factors make the analysis of SCC structures and
their individual components an intriguing but
challenging task.

Although experimental procedures can be
performed in order to enhance the understanding
of the behavior of SCC structures under earth-
quake loading, they are typically expensive and
time-consuming and do not cover a broad range
of SCC structures and elements. As a result,
numerical modeling procedures have been devel-
oped and tested in order to facilitate the analysis
of such structures.

Most finite element (FE) packages (e.g.,
ANSYS, ABAQUS, ADINA, DIANA,
LS-DYNA, MIDAS FEA, etc.) rely on the use of
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constitutive models which emphasize on the
description of post-peak material characteristics
such as strain hardening and softening, tension stiff-
ening, shear-retention ability, etc. (Cotsovos and
Kotsovos 2011). The derivation of such constitutive
models has been based on a variety of theories and
their combination. However, the application of FE
packages in practical structural analysis has shown
that the constitutive relationships are case-study
dependent, since the solutions obtained are realistic
only for particular problems. Therefore, the applica-
bility of packages to a different set of problems
requires modifications of the constitutive relation-
ships. This is entirely dependent on the interpreta-
tion of the observed material behavior as well as the
use of the experimental data to validate the consti-
tutive relationships.

To this end, the aim of the present chapter is to
provide an indication of the concepts which are
widely used for modeling the steel-concrete
composite behavior and to develop numerical
guidelines for the nonlinear analysis of such
structures and their components, considering
the seismic actions under earthquake events. The
numerical analyses presented herein model the
behavior of SCC structures/components using
macro-models (i.e., the use of line elements and
spring connections) rather than micro-models
(continuum FE models) due to their simplicity
and accuracy in nonlinear analysis. Different
aspects of modeling including the geometry, mate-
rial nonlinearity (through the constitutive laws
adopted), hysteretic behavior, and geometrical
nonlinearity as well as other parameters important
for seismic analysis are also presented in this
chapter.

Chapter Synthesis

The modeling of SCC elements and frames is
based on three approaches. The first one is the
simplified modeling approach presented in this
chapter, engaging the use of springs and line
elements for the elementary simulation of the
behavior of each component to the entire frame
assembly. The scope is to initiate numerical
guidelines based on the simplified approach and
to present modeling examples of SCC beam
cross sections, flooring systems, fully composite
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Chapter

members, beam-to-column connections, as well
as holistic approaches modeling a frame. The
breakdown of this chapter is given in Chart 1.

Based on the bottom-up approach (i.e., com-
bining different structural components starting
from the most fundamental of a system and
giving rise to grander systems), the engineer
will gain a decent understanding on the parame-
ters to be considered during the computational
modeling procedure. Modeling of these structural
components will enable the computation of
their response to different load histories and
moreover will enable the engineer to carry out
the state determination of a member from a frame
assembly.

Requirements for Collapse Analysis of
Composite Structures

Numerical modeling procedures should aim to
address a number of issues regarding the local,
intermediate, and global level of SCC structural
design. On the local level, aspects such as the
cyclic behavior of the steel and the concrete mem-
bers (including the softening and hardening of the
material), the local buckling of steel flanges, the
load carrying capacity, the curvature ductility of
the components, as well as the effects of

confinement should be carefully studied. On the
intermediate level, the ductility of the member in
terms of rotation/displacement should be
established. Additionally, second-order effects
(P-A) on forces and deformations should be
taken into account through the provisions for
large displacement analysis. Modeling the beam-
to-column connection is also essential when the
fully rigid assumption is not suitable. On the
global level, the overall ductility and strength of
the structure should be established through
force—displacement relations. The progressive
yielding and the hinge formation at the structural
frame should also be established through
moment—rotation relationships. The complete list
of requirements for the collapse analysis and the
modeling of SCC structures subjected to earth-
quake actions is presented below:

 Stress—strain relationships for the steel mate-
rial including strain hardening and softening

» Provision for the effects of local buckling in
the steel section

» Stress—strain relationships for the concrete
material including cycling loading regimes
and the effect of the confinement on the peak
stress and corresponding strain
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» Explicit representation of the slip boundary
conditions of the shear connection both at
local and global levels

» Provision for second-order effects on forces
and deformations

+ Effective beam-to-column
models, including panel distortion

+ Iterative and advanced dynamic analysis tech-
niques for analyzing the structural response
near collapse state

connection

Modeling of Steel-Concrete Composite
(SCC) Beams

A variety of different models have been devel-
oped by researchers in order to capture the behav-
ior of SCC beams, based on either concentrated
or distributed plasticity. In concentrated plastic-
ity models, all the inelasticity is concentrated at
the ends of the member; therefore, it deals with
material nonlinearity in an approximate but effi-
cient manner. On the contrary, distributed plas-
ticity models simulate the inelastic behavior
along the length of the member. This approach
is more accurate but at the same time is more
computationally demanding. Most of the formu-
lations for both approaches are rather complex
and not amenable to generic and routine applica-
tion in structural engineering design.

The present subchapter presents a simplified
(new) modeling approach based on the work of
Zhao et al. (2012) for the nonlinear analysis of
SCC beams and composite frames with deformable
shear connections (based on the distributed plastic-
ity approach) using line elements to simulate the
structural beam and column members, layered fiber
section to simulate the reinforced concrete slabs,
and nonlinear spring elements for the simulation of
the interface between the structural steel beams and
the reinforced concrete slab. Vertical interactions
between the slab and steel beams are not expected
to be significant, therefore are not accounted into
the analysis. The geometry of the model, along
with a simple set of details, is outlined below.
The assembled model is shown in Fig. 1.
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Model Geometry of a Typical SCC Beam

To model the geometry of the macromodel for
a typical SCC beam, the following assemblies
should be utilized:

1. Four-node-layered shell elements representing
the concrete slab. Reinforcement layers com-
prising steel material properties should be used
to simulate the steel reinforcement located at
the top and bottom of the concrete slab.

2. Two-node fiber beam-to-column elements for
modeling the steel beam. The reference sur-
face of the slab will be located at the centroid
of the steel beam cross section.

3. Dummy nodes at the same locations as the
beam-to-column element nodes simulating
the connection between the nodes of the steel
beam and the shell elements.

4. Rigid beam elements connecting the dummy
nodes and the corresponding ones of the shell
elements, located on the same x- and z-
coordinates.

5. Discrete spring elements with only translation
in the z-direction connecting both the
dummy nodes and the beam-to-column
element nodes in order to control the interface
shear—slip surface along the length of
the beam.

Model Geometry of Beam with Deformable
Shear Connection

Modeling of two-dimensional beams with
deformable shear connection is based on the
Newmark et al. (1951) model, in which (i) the
Euler—Bernoulli beam theory applies to
both components of the SCC beam and (ii) the
deformable shear connection is represented
by an interface model with distributed bond
allowing interlayer slip as well as enforcing

contact between the steel and concrete
components.
A local coordinate system should be

established to enhance the understanding of kine-
matics of Newmark’s model. With reference to
Fig. 2, Z axis is parallel to the beam axis and the
vertical plane YZ is the plane of geometrical and
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Seismic Analysis of Steel-Concrete Composite Buildings: Numerical Modeling, Fig. 1 Assembled macromodel

representing a typical steel-concrete composite beam

material symmetry of the cross section. Loads are
also assumed symmetric with respect to the YZ
plane. The displacement field u of a material
point of the beam is given by:

u(y,z) =v(z)j
+ [wa + (y,—y)V (z)}k on Ay(a=1,2)
ey

where w, is the axial displacement of the refer-
ence point of domain A, the ordinate of which is
ya(a = 1 :concrete slab, a = 2 : steel beam); v is
the vertical displacement of the cross section;
and j and k denote the unit vectors along the
Y and Z axes, respectively. It is observed that
the transverse displacements and rotations of
the slab and of the steel beam are equal due
to the enforced contact between the two compo-
nents. The only nonzero strain components are
the axial strain €,, and the interface slip o:

ey, 2) = Wy(2)

+(ya—y)V'(2) on Ay(a=1,2)

(2)
3(z)=wr(z) —w (z)+hv'(z) (3)

where h = y, — y; is the distance between the
reference points (G; and G, in Fig. 2) of the two
components. At the locations of the longitudinal
reinforcement, Eq. 2 also provides the strain in
the reinforcement, due to the assumption of per-
fect bond between the steel and the concrete.

FE Formulations

A simple two-dimensional 10 degree-of-freedom
(DOF) SCC frame eclement with deformable
shear connection is presented herein, similarly
to Zona et al. (2008). With reference to Fig. 3,
8 of the 10DOFs are external (4 DOFs per end
node) allowing for the axial displacement, the
transverse displacement, and the rotation of the
steel beam and 1DOF for the axial displacement
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of the concrete slab. The remaining internal
2DOFs allow for axial displacement of the steel
beam and the concrete slab (Fig. 3b).

Modeling of Inertia and Damping Properties
Modeling the inertia properties of the frame ele-
ments can be achieved using lumped masses at
the DOFs of the external nodes. Consequently,
the inertia properties of the FE model are inde-
pendent of the type of finite elements employed
(i.e., the structure’s mass matrix can be obtained
using force, displacement, or mixed-based for-
mulation frame elements).

Even though the friction between steel beams
and concrete slabs in SCC frames may be a strong
source of structural damping, quantitative infor-
mation about this energy dissipating mechanism
usually referred to as structural damping is lim-
ited owing to the partial availability of experi-
mental dynamic data. Consequently, the well-
known and widely used Rayleigh damping
model can be used by the practicing engineer. In
this model, the damping matrix can be obtained
using the classical Rayleigh damping relationship
(Eq. 4), where the damping matrix is proportional
to the mass matrix and the initial stiffness matrix:

[C] = u[M] + A[K] 4)
where

p = mass proportional Rayleigh damping
coefficient

A = stiffness proportional Rayleigh damping
coefficient

M = system structural mass matrix

K = system structural stiffness matrix

Note: The proposed model presented in the
above sections considers only rigid beam-to-
column connections. Nevertheless, semirigid
connections can be considered in the same
numerical procedure by introducing special joint
elements with prescribed constitutive behavior.

Constitutive Stress—Strain Relationships
For modeling purposes, the material properties
(such as the Young’s modulus, Poisson’s ratio,

Seismic Analysis of Steel-Concrete Composite Buildings: Numerical Modeling

elastic and plastic strength, and strain hardening)
can be obtained from the uniaxial stress—strain
curves derived from coupon tests and then
applied to the corresponding fibers across the
composite cross section. In order to accurately
simulate the behavior of SCC beams under
earthquake conditions, robust material models
capable of simulating the material nonlinearity
as well as other damaging effects under
dynamic or cyclic loading (i.e., softening/harden-
ing) need to be employed. Several models have
been developed to achieve the aforementioned
scope, some of which are presented in the follow-
ing sections.

Constitutive Law for Concrete Parts (Based on the
Kent-Park Model)

The proposed constitutive law modeling the con-
crete in monotonic compression for the cases of
confined and unconfined concrete is the
Kent—Park model as described in Park and Paulay
(1975). As it is shown in Fig. 4, the material
follows a parabolic stress—strain curve up to
a maximum stress equal to the cylinder’s
strength, after which it decays linearly with strain
until the residual strength is reached. In tension,
the model assumes a linear stress—strain behavior
up until the tensile limit of the material is
reached, and then the stiffness and strength
decays with increasing strain (Fig. 5).

The cyclic behavior of the concrete can be
described by the Blakeley—Park model also
presented in Park and Paulay (1975). The
stress—strain response lies within the Kent—Park
envelope; however, the effect of concrete con-
finement is not taken into account. The model
assumes that unloading and reloading takes
place along a line without energy dissipation or
stiffness deterioration for strains smaller or
equal to the strain corresponding to peak stress
(¢ < &.). Beyond this point, the stiffness deterio-
ration is taken into account through the introduc-
tion of reduction factors, given by Blakeley and
Park. Along the first unloading branch, the stress
is reduced approximately 50 % without any
reduction in strain. The reloading branch with
slope equal to f,.E extends back to the envelope
(Fig. 5).
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Constitutive Law for Concrete (Based on the
Popovics-Saenz Law)

The constitutive law for concrete is a uniaxial
cyclic law with monotonic envelope defined by
the Popovics—Saenz law (Balan et al. 1997).
Linear unloading—reloading branches with pro-
gressively degrading stiffness characterize the
cyclic behavior of the material. The response of
concrete under cyclic loading is shown in
Fig. 6. According to the same figure, after
each unloading-reloading, the monotonic
envelope is reached again when the absolute
value of the largest compressive strain attained
so far is surpassed. The tensile behavior
of concrete is characterized by the same
loading—unloading-reloading rules with the
same initial stiffness and appropriate values
for the other parameters.

€cu

e

Constitutive Law for Steel

Figure 7a, b describes the elastoplastic response
of the steel under monotonic and cyclic loading
respectively. For monotonic loading, the charac-
teristic yield plateau in the stress—strain model
followed by a region of increased strength
owing to strain hardening of the material. The
unloading from the yielded condition is elastic;
thereafter, the Bauschinger effect can be
represented by a Ramberg—Osgood relationship
(Eq. 5) until the yield stress is reached. This
model uses a single nonlinear equation to char-
acterize the observed curvilinear response of steel
subjected to monotonic loading:

&)
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where

£ = equal to the elastic part of the strain
K (2)" = accounts for the plastic part of the strain
K and n = parameters that describe the hardening

behavior of the material

When the steel material is subjected to con-
stant strain amplitude under cyclic loading, it
exhibits a response that converges to
a stabilized saturation loop which depends only
on the cycling amplitude (Fig. 7b). As it is shown
in Fig. 8, the response of the steel material under

constant strain amplitude cycles is described by
strain hardening for large amplitudes and strain
softening for small amplitudes. For the accurate
simulation of the steel material response under an
arbitrary load, the constitutive model needs to
account for all the monotonic response, the
steady-state cyclic behavior, as well as the tran-
sient behavior involving softening and hardening.
This can be achieved using an efficient simplistic
computationally bilinear model.

Bilinear Stress—Strain Steel Model In this
bilinear model, the elastic range remains
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constant throughout the various loading
stages. The kinematic hardening rule for the
yield surface is assumed to be a linear func-
tion of the increment of plastic strain

[
|

(Fig. 9). The calculation of the current stress
state is expressed mathematically using
Egs. 6, 7, and 8, and it is presented graphi-
cally in Fig. 10:
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where according to Figs. 9 and 10:

E = Young’s modulus

| = strain hardening parameter

G, = initial yield surface

€ = current strain

© = current stress

o = current center of elastic range

Subscript “0” denotes values at the start of an
increment

Constitutive Law for Steel (Based on the
Menegotto-Pinto Model)

The constitutive law describing the behavior of
the steel material is the uniaxial Menegotto—Pinto
model (1973). This computationally efficient
nonlinear law is capable to model both kinematic
and isotropic hardening as well as the
Bauschinger effect, allowing for accurate simu-
lation and reproduction of experimental results.
The response of the steel material is defined by
the following nonlinear equation:

(1 -Db)e

oc=Dbe+ :
(1 +eR)R

©))

where the effective strain and stress (g, o) are
a function of the unload—reload interval, b is the
ratio of the initial to final tangent stiffness, and
R defines the shape of the unloading—reloading
curves. Figure 11 presents a typical stress—strain
response based on the Menegotto—Pinto model.
The model assumes a symmetric response for
loading in compression and tension.

Interaction of Material Surfaces: Evaluation of
Spring Properties

The degree of composite action and interaction
between the steel beam and the concrete slab is
a fundamental mechanism that needs to be
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under cyclic loading, and the local stress
distribution.

Two different modeling approaches can be
used for the description of partial bond in SCC
structural systems. The concentrated bond
approach is based on the use of concentrated
springs for the modeling of the connection. The
springs are attached at the location of each con-
nector, modeling either the action of the shear
stud connectors between the steel and the con-
crete slab or the friction in concrete-filled hollow
sections and partially encased steel sections. The
second approach is based on the distributed bond
model, which assumes a continuous bond stress
and bond slip along the contact surface. For both
approaches, the uplift is typically neglected;
therefore, it is considered that the concrete slab
and the steel beam have the same vertical dis-
placement and curvature.

Shear—slip relationships are widely available
providing information regarding the behavior of
the connectors. Figure 12a presents a simplified
bilinear shear—slip relationship based on a widely
used shear—slip model proposed by Ollgaard
et al. (1971). The Ollgaard model is described
by the following exponential function (Eq. 10)
representing an experimentally observed large
reduction of stiffness with increasing slip:

N,, = connection (ultimate) strength

N, = shear load

s = slip between two components of the compos-
ite beam (interface slip)

n, m = empirical parameters defining the shape of
the curve calibrated from experimental data

In Fig. 12b, the monotonic envelope is
presented by the definition of an ultimate slip,
Su- When ultimate slip, the shear force—slip
behavior follows zero stiffness with constant
shear force N, = + 15, where T4, is the residual
shear force.

Modeling of Steel-Concrete Composite
Beam-To-Column Partial-Strength
Semirigid Connections

Compared to traditional bare steel structures,
SCC frames can achieve more effective beam-
to-column connections through the contribution
of the concrete slab in resisting bending moments
under gravitational and lateral loads. Addition-
ally, these structures comprising partial-strength
partially restrained beam-to-column joints
designed in such a way to exhibit ductile seismic
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components can achieve the formation of
a desirable beam hinging global frame mecha-
nism, with large hysteretic energy dissipation
capacity and reduced force demand on the
columns.

This section of the chapter presents
a simplified approach based on the work
done by Braconi et al. (2007) for the
nonlinear analysis of a partial-strength beam-
to-column connection using a component
model. The behavior of partial-strength
beam-to-column connections under the appli-
cation of seismic load is described using

Fig. 13. With reference to the same figure,
the elements comprising the model should
account for the response of the:

. Concrete in compression

. Column web panel in shear

Upper T-stub in compression (+Ve moment)
Lower T-stub in tension (+Ve moment)

. Concrete slab in tension

The shear studs (+Ve moment)

. Upper T-stub in tension (—Ve moment)

. Upper T-stub in compression (—Ve moment)
. Shear studs (—Ve moment)

O 0NN AW~
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Kinematics

Equilibrium must be maintained between the
force acting in the nine components and the inter-
nal and external forces. The response of the
assembled model is therefore defined by a set of
eight equations related to translational equilib-
rium between components in the same beam-to-
column connection, equilibrium between the
shear studs and the beam steel profile, rotational
equilibrium between the internal forces in the
beam-to-column connection and the bending
moment of the beam framing in it, as well as
rotational and translation equilibrium acting on
the column web panel. The set of eight equations
can be then solved using a numerical procedure
(i.e., Newton—Raphson) considering the storey
deformation (drift, 8) as such an external action
in the format of imposed deformations.

On the basis of the small displacement theory,
the local kinematics could be described using
a total of 7DOFs: the horizontal displacement of
the bottom surface of the slab on both sides of the
column, u; and u,; the horizontal displacement of
the top surface of the slab on both sides of the
column, us and uy; the relative rotation of the two
beams with respect to the column faces, 6; and
0,; and the column panel zone shear distortion, y.
The deformations, 8, of the nine components
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Unconfined Concrete

CLS,nc
hCLS
CLS,nc

L)

concrete slab in compression (component 1), (¢) kinemat-
ics of the concrete slab in tension (component 5), and (d)
overall exterior joint model

comprising the model are linked to the seven

degrees of freedom through the following
equations:
nc Anc .
O = —uz — 7 * (2i — 1)tan(8;)
AHC .
+ |:hcs - 7(21 - l):| tan(Y) (11)
C AC .
Sl,i = —uz— > (2i — 1) + heig,ne | tan (8;)
A
+ |:hcls - 70 (21 - 1):| tan (’y)
12)
t
8y = —uy — (h +g) @an(0;)  (13)

t
8y = —u; — (hchrhbfg) tan(6,) (14)
Act .
8s,i = ug — |hes —> (2i — 1)| tan(6;)
—u — {% (2i — 1)] tan (0,)

15)
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htot

[§
O5,sR = Us— (hcs +hy, — g - hSR) tan (0,)

—u; — hSR tan (61)

(16)

86 = u; —u3 a7

3 =u (18)

8 = up — (hp — tyr) tan (67) (19

69 = U — U (20)

In the above equations, hy, is the beam depth
and h is the overall slab thickness including the
depth of the steel deck, but the model assumes
that the interaction between the slab and the col-
umn only occurs over the slab thickness above the
steel deck, h.y,, to represent actual test conditions.
The parameter, tyg, is the beam flange thickness.
For components 1 and 5, the deformation varies
among the series of n parallel springs used over
the slab thickness. For the concrete in compres-
sion (Component 1), a distinction is also made
between unconfined (81%) and confined (37 ;) con-
crete fibers. Unconfined concrete condition is
assumed above the slab reinforcing steel
(of thickness hgs, in Fig. 13b), and therefore,
the parameters A. and A,. correspond to the

thickness of each confined and unconfined con-
crete layers, respectively. Similarly, Act is the
thickness of the concrete layers in tension.
Figure 14 presents the deformation of the entire
sub-assemblage. The storey drift, J, is obtained
through Eq. 21:

o= thP + (Phtol + 8el,column (21)
where the first term represents the storey drift owing
to the web panel over the height of the joint, hgp, the
second term corresponds to the rotation due to
flexural deformations of the beam at beam
mid-depth, and the final term corresponds to the
elastic flexural deformation of the column.
Figure 14 shows the global kinematics of the model.

Component Modeling

Necessary work preceding the assembling of
a SCC connection model is the verification of
each individual component model. In
a semirigid SCC connection, the major compo-
nents to be considered are outlined below.

Concrete Slab

The nonuniform stress distribution over the slab
thickness is taken into account in the model with
the use of fibers as shown in Fig. 13b, c for the
cases of compression and tension, respectively.
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Seismic Analysis of Steel-Concrete Composite
Buildings: Numerical Modeling, Fig. 15 Component
constitutive relationships: (a) concrete in compression,

Concrete slab in compression can be modeled
using stress—strain relationships proposed in
EC2 or any of the stress—strain relationships
presented in sections “Constitutive Law for Con-
crete Parts (Based on the Kent—Park Model)” and
“Constitutive Law for Concrete (Based on the
Popovics—Saenz Law)” for both unconfined
(concrete above reinforcement level) and con-
fined (concrete below reinforcement level) con-
ditions. A typical example of the stress—strain
relationship that can be used in analysis is
presented in Fig. 15a for both concrete

2659

5.0

o

4.0

3.0

2.0

Stress ( MPa)

1.0
Unloading-Reloading Path

[
0 0.0005 0.001 0.0015 0.002 0.0025 0.003
Deformation

0.0

1000

Q

800

600

400

200

Total Shear Force (kN)

0 2 4 6 8
Relative Displacement (mm)

800
700
600

500
S 400 ;
300 |/
200
100

-

— Experiment --— Model

Force -F (kN)

0 2 4 6 8
Displacement - & (mm)

(b) concrete in tension, (c) reinforcing steel, (d) shear
stud, (e) panel zone in shear, and (f) lower T-stub in
tension

conditions. In tension (Fig. 15b), the behavior of
concrete can be represented using a linear
response until cracking, followed by a softening
branch where the tensile resistance reduces expo-
nentially as proposed by Stevens et al. (1991).
Linear unloading-reloading branches can be
adopted intersecting the deformation axis at
a residual plastic deformation €F! given by
Eq. 22 and also shown in Fig. 15b:

el = 146 (s7™)% 4+ 0.523 (e")

ct ct

(22)
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Steel Reinforcement

Bilinear stress—strain relationships as shown on
Fig. 15c can be adopted for representing the
behavior of steel reinforcement.

Shear Connectors

The slip between the concrete slab and the beam
owing to the flexibility of the shear stud connec-
tors can be modeled using force—deformation
relationships similar to those presented earlier in
section “Interaction of Material Surfaces: Evalu-
ation of Spring Properties” (“simulation of
composite  action”). The  recommended
force—deformation relationship for this particular
model is based on the model proposed by Aribert
and Lachal (2000) (and is tailored to the guide-
lines of EC4 and ECS8 for the calculation of the
ultimate shear stud resistance), and it is presented
in Fig. 15d and Eq. 23.

F=q(1- eQ(“r”ﬁ)Cz 23)

where

Q. = ultimate shear stud resistance calculated
according to EC4 and ECS8

C,, C; =coefficients suggested by Aribert and Al
Bitar (1989) depending on the height of studs
and type of steel profile

Panel Zone in Shear

The behavior of the panel zone plays a significant
role in determining the overall stiffness and
capacity of the frame. In terms of seismic design,
the panel zone can have a significant influence on
the distribution of plasticity and energy dissipa-
tion on the overall performance of the structure.
A multi-linear shear force to shear deformation
response is retained for the web panel zone. The
following equations describe this multi-linear
relationship through the gradients of elastic,
post-elastic, and strain hardening stiffness:

A,
Kel,wp = Gg ZC (23)
beg t2
Ki,wp = 1.04 Gg % (24)
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% (hc - tcf)tcw
ag z

Ks, wp — (25)

where

Gg = shear modulus of steel

A, = shear area of the column section

z = centerline vertical distance between the col-
umn stiffeners

b.r = column flange width

t.f = column flange thickness

h. = column depth

t.w = column web thickness

ayg = hardening coefficient related to the thick-
ness of the column web panel and the column
flanges

Using the elastic and post-elastic stiffness,
shear forces in the panel zone can be obtained.
The elastic stiffness, Kej yp, is obtained from EC3
and is applicable until the shear force, Vy,,
reaches the yield limit, V, ,,, which is also spec-
ified in EC3 (Eq. 26). The shear forces corre-
spond to the post-elastic branches, described by
Krawinkler’s model (Krawinkler 1978), in which
the shear force is obtained through Eqgs. 27 and
28. The three different branches of the shear
force—deformation relationship are presented in
Fig. 15e (dashed line):

091, cw Ay

Vel,wp = \/§ (26)
09f A bes t2
Viowp = %—H.M Gs% 37,
(27)
fu,cw Avc fu,cf bcf tgf
Vawp = g (28)
where

Yy = panel distortion at yield = V) p/Kej wp
fucw> fucr = ultimate tensile stress for column
web and flanges
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under negative bending

T-Stubs Components

The geometry of the equivalent T-stub compo-
nents can be determined using the effective width
concept presented in EC3 for stiffened columns
and end-plates. The force—deformation relation-
ship of T-stub elements required for component
modeling can be obtained from the model pro-
posed by Piluso et al. (2001) (dashed line)

(Fig. 15).

column. The modeling engineer can use
more advanced modeling procedures (i.e., as
proposed by Fabbrocino et al. 2002) when
continuous SCC beams are considered for the
assessment of the behavior of the connection
capacity, in terms of global quantities such as
the rotations and deflections as well as local
quantities such as the slip and the curvature of
members, the interaction forces, and the rebar
strain.

Simplifications and Assumptions 4. Column web buckling and beam flange buck-

1. The difference in column web shear stiffness
between the concrete-encased and
non-encased segments of the columns should

ling under compression are not considered in
such modeling procedure.

be taken into account in modeling through the ~Fabbrocino et al. 2002
assumption of infinite stiffness of the upper 1. Modeling the cross section of composite

encased portion of the column and a flexible
diagonal spring in the bare steel column web
over the beam depth.

2. Bolt pretension effects need to be considered
in modeling through modification of the stiff-
ness of the equivalent T-stub springs in the
elastic range.

3. There is an interaction between the connec-
tions on both column sides due to the continu-
ity of the slab and the slab longitudinal steel
reinforcement between the two beams. Hence,
including the anchorage steel bars, the nega-
tive moment capacity of one side is dependent
on the concrete capacity of the opposite side
while essentially transferring the tensile forces
acting from the reinforcing steel to the

beams is achieved through a modification of
the well-known Newmark’s kinematic model,
as shown in Fig. 16. This approach requires
the definition of the slab effective width
depending on the type of loading (hogging or
sagging) and on the connection detailing at the
beam end. A linear strain pattern is then
applied to each component of the cross sec-
tion. Under the assumption that the curvature
and the rotation for each of the components are
the same (e.g., for both the concrete slab and
the steel profile), the uplift is neglected. Using
analytical procedures, the tensile stresses
developed in the concrete slab; the slip
between the different components of the
cross section; the interaction force, F; the
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global bending moments in the steel profile,
Ms; and the concrete slab, M., as well as the
moment—curvature relationship of the cross
section can be obtained.

2. Modeling the continuous composite beam is
based on a combination of the main behavioral
aspects on the different regions of the beam
(i.e., Newmark’s model is used for sagging
moments, whereas its modified version is
used when cracked zones of the beam are
considered). The moment—curvature relation-
ship in each section of the beam can be then
defined through an iterative process. Once the
generalized moment—curvature relationship is
established, rotations and displacements can
be obtained by integration of the curvature
distribution. The numerical procedure for the
solution of a simple structural system of
a beam characterized by geometrical and
mechanical symmetry is based on the compat-
ibility method; therefore, the support bending
moment is the main unknown and the beam is
statically determined. The reader is referred to
Fabbrocino et al. (2002) for a step-by-step
guidance for the solution of the composite
section and beam.

Modeling of the Panel Zone in Semirigid
Steel-Concrete Composite (SCC)
Connections

When moment-resisting frames are subjected to
horizontal loading such as earthquake excitation,
unbalanced moments occur at the beam-to-
column connections resulting to shear deforma-
tions in the panel zones of the columns. There-
fore, the behavior of the panel zone plays
a significant role in determining the overall stiff-
ness and capacity of the frame. In addition to this,
in terms of seismic design, the panel zone can
have a significant influence on the distribution of
plasticity and energy dissipation mechanisms and
in turn significant effects on the overall perfor-
mance of the structure.

This section deals with the modeling of the
panel zone region within the beam-to-column
joints of SCC moment-resisting frames. This
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particular model proposed by Castro et al. (2005)
is based on a realistic stress distribution at the
edges of the panel, aiming to account for the loca-
tion of the neutral axis. This methodology enables
assessment of the shear stress distribution through
the panel depth representing the distribution of the
plasticity in the vicinity of that region. Both shear
and bending deformations are considered in the
elastic and post-elastic stages. The additional resis-
tance of the panel zone owing to the contribution
of the column flanges is also taken into account
by considering the column depth and flange
thickness (Fig. 17).

Procedures and Details

With reference to Fig. 18, the physical dimen-
sions of the panel zone, d. and dy, are taken into
account. The part of the column being in contact
with the slab is modeled through an assemblage
of links on top of the panel. This modeling
approach is essentially a determination of the
spring properties of both the “panel zone” and
the “top panel” which are derived analytically
allowing for implementation in frame analysis
software. The procedure establishes an analogy
between the analytical (consisting of the actual
connection) and the corresponding numerical
model for frame analysis, as shown in Fig. 18.

The location of neutral axis is calculated con-
sidering a linear stress distribution, based on the
assumption that the SCC beam behaves elasti-
cally until the panel yields.

An assessment of the effective width of the
slab in the vicinity of the connection is also
required. For positive moment (sagging), it is
assumed that the slab is limited to the contact
width of the column flange width, b.. For nega-
tive moment (hogging), the slab is not consid-
ered, under the assumption that the reinforcement
is not anchored to the column.

Notion of Calculations

The main aspect of the proposed model is the
determination of the spring properties for both
the panel zone and the top panel. For a given
moment carried by the SCC beam,
a corresponding equivalent shear is applied to
the panel in the numerical model. The stiffness
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ical representation of joint models

that should be used in the numerical model can be
then determined from the distortion caused to the
analytical model owing to the application of
moment. Furthermore, the difference between
load level corresponding to first and full yielding
of the panel can be derived given that the shear
stress distribution through the panel is known.
The procedure needed to be followed by the engi-
neer for derivation of these important parameters

for both elastic and post-elastic ranges is outlined
below.

This section serves as a numerical guideline;
the reader is referred to J. M Castro et al. (2005)
to exploit the complete set of equations.

Elastic Range
1. The neutral axis location of the steel beam and
in turn its second moment of area can be



2664

Seismic Analysis of
Steel-Concrete
Composite Buildings:
Numerical Modeling,
Fig. 19 The virtual system
used to find panel
deformations

Seismic Analysis of Steel-Concrete Composite Buildings: Numerical Modeling

dp

1 B
f%ﬁififf/‘(ggg, Ao

;
|

calculated under the assumption that the steel
beam behaves in an elastic manner up to yield-
ing of the panel zone.

. The ratio of axial force (Ns) and bending
moment (Ms) carried by the beam can be
then obtained using analytical procedures.

. The total moment (M) acting to the connection
can be then calculated in the numerical model
using Eq. 29. The moment (Mc) developed in
the slab is considered to have insignificant
influence and therefore it is ignored:

d Lsla
M:Ms+Ns[7b+ds+‘12b] (29)
. The equivalent moment carried by the panel
can be then obtained from Eq. 30:

Ms Ns

Veq = d_b + ) Vcol (30)

where V., = hM and hy is the storey height.

. From the analytical model, knowing the nor-
mal stress distribution of the composite sec-
tion, the shear force and bending moment
distributions can be obtained.

. Using the principle of virtual work (Fig. 19)
and the calculated shear force and bending
moment distributions, the relative horizontal
displacement can be obtained. Having the
application of opposite unit forces in the vir-
tual system, the internal virtual forces (Vip,
M;,,,) can also be obtained.

. Using the calculated equivalent shear force
(Veq) and the relative horizontal displace-
ments (IAgearl, [Apendingl), the elastic stiffness

©

—— do2

to be used in the numerical model is
calculated by

Veq

I<el =
‘Ashear| + |Abending‘

€1y}

. Using the calculated elastic stiffness, the rela-

tive drift of the panel (A,.) at the onset of
yielding can be obtained analytically.

. Finally, using the calculated elastic stiffness

and the relative drift of the panel zone, the
elastic stiffness and the relative drift of
the spring can be obtained using the Egs. 32
and 33:

Kel

Kel, spring = ——5— (32)
el, spring COS2a
Ay, el

Aci-y, spring = —— (33)
el-y, spring cosa

where a is the angle of the spring as indicated
in Fig. 18.

Post-Elastic Range
1. Beyond the yielding of the panel, the shear

stiffness of the column web is assumed to
drop to the strain hardening stiffness of the
material. Consequently, the post-elastic stiff-
ness of the panel is provided by the strain
hardening of the column web by the flanges
and a portion of the column web delimiting the
panel zone, as shown in Fig. 20. Following the
same assumption for the beam remaining
largely elastic, and by following similar pro-
cedures to those described for the elastic
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range, the post-elastic stiffness for the panel
can be obtained from Eq. 34:

Veq
Ashear:| + |:
where

p = strain hardening parameter
I, = second moment of area of the T-section
obtained analytically
I.o; = second moment of area of the column
obtained analytically

2. The relative deformation, Ay,pl, of the panel
zone in the post-elastic range can be obtained
using the principle of virtual work and can be
readily derived as:

Veo 2L } (34)

Abending Icol

Kpl: |:“

fy dy’

= A ¢
T eE deg

Ay,pl (35)

where

dcg = distance from the centroid of the
T-section to the external fiber of the column
flange

5 = reserve stress in the same fiber after
shear yielding of the panel zone

3. Having known the calculated post-elastic

stiffness and relative drift of the panel zone,
the post-elastic stiffness and relative drift of
the spring can be obtained using the Egs. 36
and 37:

2665
Ko
K ing = —b— 36
pl, spring cosza ( )
Ay, pl
Aply, spring = —22 37
pl—y, spring P ( )

4. Finally, the stiffness provided by the panel
zone owing to strain hardening in shear (the
first term of Eq. 34) is given by:

Veq

KSAHardening =H (38)

Ashear

Therefore, the strain hardening stiffness of
the diagonal spring can be determined from

KS.Hardening

- (39)
cos“a

KSAH—Spring =

Moment-Rotation Relationship of Panel Zone

The rotational springs in the panel zone are
modeled using trilinear moment—rotation rela-
tionships while using the stiffness derived from
the above expressions for the elastic and post-
elastic range (later in Fig. 22). According to that
figure, the panel zone is expected to behave in an
asymmetric manner in tension and compression
owing to the presence of concrete slab which
influences the stiffness, yield moments, and
cyclic behavior of the panel zone. Under negative
moment, the concrete slab contribution is ignored
owing to cracking of the concrete. Yield points
(Mpy, 05y) and (M,y, 0,,) are controlled by the
steel yielding, and the ultimate points (Mp,, O,
and (M, Op,) are controlled by the ultimate
strength of the concrete. Under cycling loading,
unloading occurs in a straight line with the same
slope as the initial stiffness K.. The reloading is
directed towards the previous peak, thereby con-
sidering some strength and stiffness degradation.

Modeling of Frames Using Beam
Elements

This section presents an analytical approach for
the assessment of SCC frames under earthquake
excitation using two-dimensional SCC beam
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Fig. 21 Element relative
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local coordinate system

elements (Kim and Engelhardt 2005). In order to
model the behavior of SCC beams under earth-
quake excitation, factors such as the beam-to-
column connection details, the local crushing of
concrete, the loading pattern on beam, as well as
the bond behavior between the reinforcing steel
and the concrete need to be considered into the
modeling. It is widely accepted that three-
dimensional FE models can accurately predict
the behavior of SCC beams at the expense of
time and computational efficiency. On the other
hand, these simpler but reasonably accurate
two-dimensional SCC beam models can provide
an alternative tool for frame response assessment.

Beam Elements

The beam elements are described as a
one-component series hinge-type model combin-
ing analytical formulations calibrated against to
experimental data and to other data from “sophis-
ticated” described models, while intended to rep-
resent the clear span of beams in moment frames
(i.e., the length of the beams between column
flanges). The two-dimensional SCC beam ele-
ments are described by a linear elastic beam
with a nonlinear zero-length hinge at each end;
the resulting element is referred as “complete
element.” Each of the hinges is described using
nonlinear rigid-plastic moment—rotation relation-
ships in order to simulate the real structural
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$1V,

behavior which was observed from experiments.
Each complete element is characterized by two
external and two internal nodes. The internal
nodes are located between the connection of the
linear elastic beam element and the hinges, while
the external nodes connect the entire structure.
Each of the external nodes has 3DOFs, 2-
translations, and 1-rotation in the local coordinate
system as presented in Fig. 21.

In the local coordinate system, the element can
be considered as a simply supported beam given
that the rigid body motions are removed. Based
on equilibrium, using the values of relative forces
(s1, S2, s3), all the components of local nodal
forces (R to Rg) can be calculated. The transfor-
mation of forces is defined using the following
relationship:

R=As (40)

where

A = force transformation matrix (this is well
known and can be found in literature, i.e.,
Przemieniecki (1968))

From the geometry, the transformation from
the local displacements, r, to the relative defor-
mations (vy, v, v3) is performed by:

v=ATr 41
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where

1 = {Uy, V1,0, Uy, V5, 05} (42)

Element Stiffness
The initial stiffness of the aforementioned “com-
plete element” is that of the linear elastic beam.
As gradual yielding occurs at the hinges owing to
increased moments at the element ends, the stiff-
ness of the “complete element” reduces accord-
ingly. In order to obtain the reduced stiffness at
any load step after yielding, the instantaneous
tangent flexibility of the nonlinear rigid-plastic
force—deformation relationship for a hinge is
combined with the flexibility of the elastic beam
element.

A flexibility matrix, f, is first formed for the
elastic element including the effects of elastic

shear deformation through the following
relationship:

dq="fds 43)
where

dq = (dq;, dq,, dq3) = elastic deformation incre-
ment at the internal nodes

ds = action increment in which
ds" = (dF, dM", dM’} = (ds,, ds,, dss}

For hinges at nodes I and J, the incremental
action—deformation relationship is expressed by

0 dv; — dq,
dw, = ¢ dOp » =< dva —dq, p=f,ds (44)
dog dvs —dq;
where

dw, = vector of plastic hinge deformations at
nodes I and J

dOp, d6} = incremental plastic rotation at nodes
TandJ

f, = hinge or plastic flexibility matrix in which
nonzero terms are the second and third ele-
ments in the diagonal

Using Eqgs. 43 and 44, the action—deformation
relationship can be obtained for the “complete
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element” expressed in terms of degrees of free-
dom, v, as follows:
dv =ds + dw, = Fids 45)
The hinge flexibility coefficients, f;,, can be
simply added to the appropriate coefficients of
the elastic element flexibility matrix, f, in order to
obtain the tangent flexibility matrix, F,, for the
“complete element,” as shown in Eq. 46. Once
the 3 x 3 tangent flexibility matrix is obtained, it
is then inverted to obtain the 3 x 3 tangent stiff-
ness matrix, K;:

% 0 0
L 1 . L 1
F= O gaftGal ™ “EATTGAL
0 — R I R
EAT " GAJL EAT Y GA.L P
(46)
where

EA™ = flexural rigidity of the composite beam

EA = axial rigidity of the composite beam

GA, = effective shear rigidity of the composite
beam

Fi =F;=1/3 and F;; = 1/6 for a uniform
member

fli, fpj, = flexibility of hinges at nodes I and J

Hysteretic Rules

Due to the cross-sectional asymmetry of the SCC
beam, the response will be different for positive
and negative moments. As a result, a hinge must
discern the load paths to model the hysteretic
behavior of SCC beam for an arbitrary cyclic
loading. Apart of the cross-sectional asymmetry,
the hysteretic rules employed for the complete
element need to take into account factors such
as the strength deterioration and the stiffness
degradation.

In this part of the chapter, the hysteretic rules
are determined from the modification of Lee’s
model (1987) in order to better fit the curves
and the nonlinear behavior of experimental test
specimens. This model employs a specified
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multi-linear moment-rotation relationship based
on two bilinear curves.

For the monotonic loading, two bilinear
moment-rotation relationships are employed to
consider the asymmetrical cross section and the
early cracking of the concrete slab under negative
moments (Fig. 22a). For the cyclic loading, the
moment-rotation relationships of the steel beam
are modified in order to account for the effect of
the concrete slab (i.e., crack closing and opening)
(Fig. 22b).

The basic parameters describing the
moment-rotation relation is the moment at
the yielding point and the elastic and inelastic
stiffness for both positive and negative bend-
ing moments. These parameters can be readily
obtained analytically. The value of the strain
hardening stiffness is expressed as a fraction
of the respective elastic stiffness, i.e., the
2.5 % of elastic stiffness in the positive bend-
ing and 5 % of elastic stiffness in the negative
bending.
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tion for composite beam

The engineer is then required to calculate the
effective width of the concrete slab on each side
of the beam centerline for computing the positive
elastic stiffness. This will enable the calculation
of the second moment of inertia of the
transformed SCC section. The effects of slip
between the concrete and the steel on the positive
elastic stiffness are taken into account through
the use of a fraction of the second moment
of inertia of the transformed SCC section.
The calculation of the moment of inertia for the
negative elastic stiffness needs to be performed,
taking into account the steel beam section
and the reinforcing steel bars within the effective
slab width. The varying moment of inertia of
SCC and cracked sections along the length
of the beam is assumed to be equivalent
to a uniform moment of inertia of a cracked
section with reinforcing bars within the effective
width.

Calculation of Moment at the Yielding and
Ultimate Point Using a plastic stress distribu-
tion for SCC beams (Fig. 23), the ultimate
moment (Mmax) at the connection can be
obtained. The positive yield moment (My™) is
assumed to be a fraction of the calculated ulti-
mate moment. The negative yield moment (My ™)

is the plastic moment of both the steel beam
section and the reinforcing steel bars within the
effective width.

The contribution of the concrete slab to the
ultimate moment at the connection is determined
using the column width and a concrete compres-
sive bearing stress of 1.3f’c, due to concrete con-
finement near the face of the column.

Modeling of SCC Frames with
Concrete-Filled Steel Columns

The advantages of concrete-filled steel (CFS)
structures in terms of high strength, high ductil-
ity, and large energy absorption led to their exten-
sive use in high-rise structures in earthquake-
prone regions.

This section presents a numerical procedure
for the nonlinear inelastic analysis of CFS frames
based on a fiber beam-to-column element. The
nonlinear response of SCC frames is captured
through the inelasticity of materials or due to
changes in the frame geometry. Global geometric
nonlinearities (P-06 effects) are taken into account
by the use of stability functions derived from the
exact stability solution of a beam-to-column ele-
ment subjected to axial forces and bending
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moments. The spread of plasticity over the cross
section and along the member length is captured
by tracing the uniaxial stress—strain relationships
of each fiber on the cross sections located at the
selected integration points along the member
length. The nonlinear equilibrium equations can
be then solved using an incremental iterative
scheme, based on the generalized displacement
control method.

Fiber Beam-to-Column Element and Material
Nonlinearity

The gradual plastification of a composite cross
section can be described using the concept of
fiber section model, similarly to the modeling of
the concrete slabs in section “Introduction.” The
fiber model is presented in Fig. 24. The concept
behind this model is rather simple; the cross-
sectional area of the SCC element is subdivided
into fibers represented by their area, A;, and
coordinate location (y;, z; — with origin the cen-
troid of the section). Different material properties
(e.g., concrete confined and unconfined, steel,
reinforced steel) can be assigned to each of the
fibers. Based on the relevant constitutive material

models, the fiber strains are used to calculate the
fiber stresses, which are in turn integrated over
the cross-sectional area to obtain stress resultants
(i.e., forces and moments).

Using the fiber model, a number of assump-
tions have been made as follows:

1. Sections remain plane after bending.

2. Due to the latter assumption, cracking is con-
sidered to be smeared and normal to the
member axis.

3. Torsional and shear effects are ignored.

4. Multi-axial stress states (due to the confine-
ment effects) can be included in the model by
increasing the concrete strength and modify-
ing its post-peak response.

5. Local buckling effects or initial stress arising
from thermal effects or erection loads are typ-
ically not included.

Confinement of Concrete-Encased Steel
Sections

In order to utilize the material constitutive models
described in the previous sections, the concrete
confinement zones need to be identified (Fig. 25).
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Several methods for the identification of the con-
fined zones have been suggested for partially and
fully encased sections, and confinement factors,
k, have been developed for use in numerical
modeling. According to ECS8, the confinement
factor, k, is given by:

k=1.04+5.00 fi /feo for fi/fe < 0.05

47)
k=1.125+250f /fc  for fi/fee >0.05
(48)

where

o, = confinement effectiveness coefficient (area
of concrete/area of confined concrete)

f, = lateral confinement pressure from transverse
reinforcement

f.o = unconfined concrete compressive strength

Fully encased section

Local Flange Buckling

The flange buckling is a phenomenon that largely
depends on the width-to-thickness ratio, the
boundary (i.e., restraint) conditions, and the
material properties of the components compris-
ing the section. The effect of the local flange
buckling is the reduction of the ultimate strength
of the section and/or the diminishing of its rota-
tional capacity in the inelastic range. Addition-
ally, the ductility of encased SCC members is
adversely affected by local buckling, and this
needs to be considered when estimating the rota-
tional capacity.

To account for the local buckling of bare and
encased steel sections, simple methods have been
developed and can be readily utilized in a frame
analysis software. One of the most popular
methods has been developed by Ballio
et al. (1987). In this approach, the cross section
is divided into a finite number, i, of strips with
each strip having an assigned area. If the
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compressive strain in any strip exceeds the criti-
cal strain, €., the area of the strip reduces to zero
for the subsequent load cases. In order to
extend the applicability of this method beyond
the elastic limit into the inelastic range, the
elastic critical stress is divided by the yield
strain, as it is represented in the following
relationship:

kn’E
for _ T . (49)
& 120y(1 —V?)(%)

where

xi = distance between the centroid of the strip
and the plate connection

t = thickness of the plate

k = confinement factor

E = Modulus of elasticity of steel

v = Poisson’s ratio

Geometric Nonlinear P-5 Effect

Geometric nonlinearities can be classified in two
categories. The first category is related to the
global geometric nonlinearities, usually referred
to as P9 effects. The second category is related
to local geometric nonlinearities (i.e., local buck-
ling), which are generally neglected in frame
analysis (while they are carefully considered in
advanced finite element analyses with discretized
models). The global geometric nonlinearities can
be incorporated in the models following basic
procedures used in nonlinear frame analysis.
One of these procedures employs the updated
Lagrangian formulation in order to account for
geometric nonlinearities such as large displace-
ments and rotations.

In most of the analyses of multi-storey struc-
tures subjected to earthquake excitation, the
effects of the combination of gravitational forces
and lateral displacement are ignored. Such effects
are often referred as second-order effects. The
reason behind overlooking the second-order
effects can be explained by the fact that tradition-
ally, in low-rising reinforced concrete structures
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(i.e., structures with low natural period and small
lateral displacement response) subjected to earth-
quake excitation, the second-order effects are
insignificant and therefore neglected. As steel
structures become taller nowadays, the P-Delta
effects are amplified due to the corresponding
increase of lateral displacement.

The effect of axial force acting through the
relative transverse displacement of the member
ends known as P-9 effect can be taken into
account in the modeling by using the geometric
stiffness matrix, [K,], as:

KS] _[KS]T}
K] =| | (50)
) =[ K
where
0O o -b 0 0 O
o ¢c 0 0 0 O
-b 0 0 0 0 O
K] = 0O 0 0 0 0 O 6D
O 0 0 0 O0 O
O 0 0O 0 O0 O
and
MZA + MzB MyA + MyB P
=7 b=—5— o=+
L L L
(52)

M,a, Mg, Mya, Myg = end moments with
respect to z and y axes, respectively

P = axial force

L = length of the element

The tangent stiffness matrix of a beam-to-
column element is then obtained by the following
relationship:

Klian = [T]gx 12 % [Kelgxo[Tlox12

+ [Kg] 12x12

(53)

where
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-1 0 0 0 0
0 0 —1/L 0 1
—b 0 0 0 0
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0 0 0 IL 0 0 O
0 0 0 IL 0 1 0
0 0 —-1/L O 0 0 O 54)
0 0 —-1/L 0 0 0 1
0 0 0 0 -1 0 O

and

element stiffness matrix given by {AF}
[Ke] {Ad}

[K46x6

The reader is referred to Thai and Kim (2011)
for details on how to derive the element stiffness
matrix.

Constitutive Models

Any of the constitutive models presented in the
previous sections for steel, concrete, and steel
reinforcement can be applied for modeling the
material characteristics of the concrete-encased
steel sections of the SCC frames.

Summary

The validity of the above case studies has been
verified by comparing the numerical predictions
with experimental data obtained from a wide
range of structural systems subjected to static
and hysteretic loadings. Full details of these com-
parative studies are presented in the literature.
However, such constitutive laws and models are
usually dependent on parameters which are
evaluated through the particular use of the
experimental data, and it is in the designers’
discretion to chose and interpret these when
data are used for specific purposes. In this chap-
ter, it has been attempted to generalize the con-
stitutive models for a number of applications. On
the other hand, the lack of generality and objec-
tivity that characterizes most FE packages can
only be balanced through the use of material
models which are compatible with valid experi-
mental information. In fact, the work presented in

this chapter is considered as a step towards these
directions.

The modeling of SCC members in this chapter
(i) serves primarily the computation of the
response of such members when they are
subjected to seismic actions and (ii) acts as
a vehicle for carrying out the state determination
of the section (or integration point) to a frame
element and ultimately to the whole frame assem-
bly. The outcome of the former application is
typically the moment—curvature response under
a constant axial load. The latter application typi-
cally returns section forces that correspond to
given section deformations (in uniaxial bending
axial strain, and curvature).

In earthquake engineering, the stiffness of the
column members is one of the most important
parameters of the entire structural systems since
it governs the lateral resistance of the frame. The
natural period of vibration of the frame
decreases with increasing stiffness but also
increases with increasing mass. Therefore, the
members comprising the frame need to be accu-
rately simulated in order to derive the stiffness
and mass matrices to be accounted for the frame
analysis. According to the typical response spec-
tra, the acceleration response of a SCC frame
reduces with increased natural period. This
implies that a composite structure will have to
resist lower base shear; therefore, the earthquake
effects will be less significant. The displacement
response of the structure also increases propor-
tionally with increasing natural period. For the
case of increased lateral displacements, second-
order effects (P-6 effects) could be developed
which will determine the design and amplify the
demand on the structure. The engineer is
required to reduce the influence of the second-
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order effects by controlling the lateral displace-
ment of the frame providing ductility in the
beams, columns, and connections. As a result,
the accurate analysis of each individual compo-
nent plays an important role in the aseismic
design. In the holistic frame assembly, global
geometric nonlinearities can be incorporated in
the models following basic procedures used in
the nonlinear frame analysis (i.e., modification
of the stiffness matrix).

Using nonlinear static analysis, the engineer
can obtain information on the global
ductility and strength of the structure through
force—displacement relations. At each point on
the force—displacement curve, the engineer can
check the member behavior and see whether the
limit states are fulfilled. Weak areas and progres-
sive hinge formation on the structural frame are
revealed during the analysis.
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Introduction

Wind power is one of the fastest-growing renew-
able energy segments on a percentage basis. In
2013, over 35 GW of new wind capacity was
installed all over the world, bringing the total
wind capacity to 318 GW at the end of 2013
(GWEC 2014). The total installed wind capacity
is expected to reach 365 GW by the end of 2014,
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Fig. 1 Horizonal axis wind turbine (HAWT) in Egeln,
Germany (photo by Hadhuey)

enough to provide about 4 % of the global elec-
tricity demand (GWEC 2014).

While many different design solutions have
been considered in the early stages, for commer-
cial use the modern wind industry has now stabi-
lized on horizontal axis wind turbines (HAWT).
A typical example is shown in Fig. 1: a land-
based tower with a nacelle mounted on the top,
containing the generator, a gearbox, and the rotor.
Typically, three-bladed upwind rotors are used.

With the continuous increase of wind power
production, the search for optimal design is fac-
ing new and challenging tasks. The design of
land-based HAWTs has been traditionally driven
by high wind speed conditions. However, follow-
ing the introduction of new technologies such as
variable pitch and active control in larger, lighter,
and cost-effective HAWTSs, in some cases
the design-driving considerations have been
changed, with fatigue and turbulence being con-
sidered in addition to high wind speed conditions.
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For these lighter HAWTs, especially when
installed in seismically active areas, a question
has soon arisen as to whether seismic loads shall
be considered among design loads. On the other
hand, the need to investigate the potential impor-
tance of seismic loads has been corroborated by
the damage that occurred to land-based HAWTs,
following the 1986 North Palm Springs Earth-
quake, USA, and the 2011 Kashima City Earth-
quake, Japan. Post-earthquake surveys in the
wind farms nearest the epicenter of North Palm
Springs Earthquake documented that 48 out of
65 HAWTs were damaged, generally due to
buckling in the walls of the supporting tower
(photographs are available in the report by Swan
and Hadjian (1988)). Earthquake-induced failure
may occur also at the foundation level, as for the
case of the footing of a HAWT in the Kashima
wind farm (photographs are available in the paper
by Umar and Ishihara (2012)). In this context, the
seismic assessment of HAWTs has drawn an
increasing attention in the last years, and as a
result, seismic loading has been progressively
included in International Standards (ISs) and Cer-
tification Guidelines (CGs) (DNV/Risg 2002; GL
2010; IEC 2005; AWEA 2011).

The key points in the seismic assessment of
HAWTSs can be briefly summarized as:

» Selection of the load combinations
» Use of a specific analysis method
» Definition of the structural model

On these points, sufficient information is gen-
erally available in existing ISs and CGs. How-
ever, because a certain flexibility is allowed,
especially in the definition of the structural
model and the selection of an appropriate analy-
sis method, it is important that engineers be aware
of the potential options available and how they
may affect the reliability of the results. In an
attempt to respond to these needs, this entry will
provide, first, a preliminary introduction to the
relevant issues involved in the seismic assess-
ment of HAWTs. Hence, detailed prescriptions
of existing ISs and CGs will be reported and,
finally, examples of the possible options for the
implementation of the seismic assessment will be

Seismic Analysis of Wind Energy Converters

presented. Throughout the entry, land-based
HAWTSs will be referred to.

Seismic Assessment of HAWTs

Load Combinations

The selection of appropriate load combinations
for seismic assessment is a relevant issue
addressed by ISs and CGs. In general, they are
recommended based on the observations that
follow.

Atssites with a significant seismic hazard, there
is a reasonable likelihood that an earthquake
occurs while the HAWT is in an operational
state, i.e., while the rotor is spinning; in this
case, the HAWT is subjected to simultaneous
earthquake loads and operational wind loads. It
shall be considered, also, the possibility that the
earthquake triggers a shutdown and that, as a
result, the HAWT is subjected to simultaneous
earthquake loads and emergency stop loads.
Another possible scenario is that the earthquake
strikes when the turbine is parked, i.e., not oper-
ating due to wind speeds exceeding the cutoff
wind speed of the turbine; specifically, blades
may be locked against motion (fixed pitch tur-
bines) or feathered such that no sufficient torque
is generated for the rotor to spin (active pitch
turbines). In recognition of these observations,
the load combinations generally suggested by
ISs and CGs for the seismic assessment of
HAWTs are:

» Earthquake loads and operational wind loads

» Earthquake loads and emergency stop loads

» Earthquake loads and wind loads in a parked
state

Both earthquake loads and wind loads are
stochastic processes. The wind process is gener-
ally treated as a stationary process. Samples can
be generated from well-established power spec-
tral densities (PSDs) in the literature (e.g., Von
Karman PSD or Kaimal PSD, see Manwell
et al. (2010)), with parameters to be set
depending on site conditions. Wind acts on the
blades of the rotor and along the tower.
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Obviously, wind loading on the blades varies
significantly depending on whether the rotor is
spinning or not; to generate wind loading on a
spinning rotor, concepts of classical aerodynam-
ics are used, for instance, those of Blade Element
Momentum (BEM) theory and subsequent mod-
ifications (Manwell et al. 2010). The earthquake
process is inherently nonstationary. Spectrum-
compatible samples may be synthetized from
site-dependent response spectra or site-specific
historical records may be used, according to the
prescriptions of the adopted ISs and CGs.

Structural Analysis Method

The computation of the HAWT response to the
different load combinations is a crucial step of the
seismic assessment. In general, two approaches
can be pursued:

A fully coupled time-domain simulation com-
puting the response to simultaneously acting
wind loading and seismic loading

* A decoupled analysis where the responses to
wind loading and seismic loading are com-
puted separately and then superposed

A fully coupled time-domain simulation is the
most desirable approach. The reason is that it
allows the actual wind loads on the blades to be
evaluated correctly, taking into account that the
oscillations of the tower top, induced by the
earthquake ground motion, affect the rotor aero-
dynamics (in particular, the relative wind speed at
the blades, depending on which lift and drag
forces are calculated). However, for the imple-
mentation of fully coupled time-domain simula-
tions, dedicated software packages are required,
capable of solving the nonlinear motion equa-
tions of the structural system under simultaneous
wind and seismic excitations.

When performing a decoupled analysis,
instead, the responses to wind loading and seis-
mic loading are built separately. This means that
wind loads are evaluated as no earthquake ground
motion is acting at the tower base. Correspond-
ingly, the response to the earthquake ground
motion is computed as no wind loading is acting
on the rotor. It is evident that this approach is
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approximate since, as explained earlier, the
actual wind loads on the blades depend on the
oscillations of the tower top, to which contributes
also the earthquake ground motion at the tower
base. Nevertheless, numerical comparisons with
benchmark results obtained by fully coupled
time-domain simulations have shown that
decoupled analyses can yield accurate results,
provided that the separate response to earthquake
loading is computed using an appropriate level of
damping. In particular, it has been found that:

» A percentage equal to 5 % of critical damping
is appropriate when the separate response to
earthquake loading is to be combined with the
response to operational wind loading, i.e., for
the load combination = earthquake loads +
operational wind loads (Witcher 2005;
Prowell and Veers 2009; Prowell 2011).

» In contrast, a percentage varying between
0.5 % and 2 % of critical damping is appropri-
ate when the separate response to earthquake
loading is to be combined with the response to
wind loading in a parked state, i.e., for the load
combination = earthquake loads + wind loads
in a parked state (Prowell and Veers 2009;
Prowell 2011; Stamatopoulos 2013).

Such a variability of the damping level, to be
considered in a decoupled analysis, can be
explained as follows:

» The low damping ratios (0.5-2 %), which are
required for the load combination = earth-
quake loads + wind loads in a parked state,
are motivated by the fact that when the turbine
is parked, the only damping source is the
structural damping of the tower that, as cus-
tomary in steel structures, is generally low.

e The higher damping ratio (5 %), which is
required for the load combination = earth-
quake loads + operational wind loads, reflects
the fact that the earthquake loading signifi-
cantly affects the aerodynamics of a spinning
rotor. In particular, a motion of the tower top
due to the earthquake loading, against or in the
wind direction, causes, respectively, an
increase or a decrease of the instantaneous
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thrust force, with respect to that computed
assuming no earthquake ground motion at the
tower base (such increase or decrease of the
instantaneous thrust force mirrors an increased
or decreased relative wind speed at the
blades). Since, in both situations, this alterna-
tion of the thrust force is oriented opposite to
the tower top motion, it can be understood that
its effects are to be modeled by introducing
additional damping with respect to the struc-
tural damping, when computing the separate
response of the HAWT to earthquake loading.
The same observation holds true when a
decoupled analysis is performed to compute
the response of HAWTs to combined wind
loading and wave loading (Kuhn 2001).

The difference between damping for the
parked state and operational state is generally
referred to, in the literature, as aerodynamic
damping, to mean that its source is essentially
the rotor aerodynamics.

Decoupled analyses may be performed in time
and frequency domain. Especially frequency-
domain formulations have been awarded a con-
siderable attention, because in this case the sepa-
rate response to earthquake loading can be built
by coded response spectra, a concept most engi-
neers are familiar with. However, in light of the
earlier observations on the appropriate level of
damping, it is evident that particular care shall be
taken when following this approach. In fact, the
typical 5 % damped response spectra for building
structures (ICC 2012) will be suitable only for the
load combination = earthquake loads + opera-
tional wind loads, while 0.5-2 % damped
response spectra shall be used for the load
combination = earthquake loads + wind loads in
a parked state. It is evident that selecting the
correct damping ratio is crucial: if the response
to earthquake loading was obtained from 5 %
damped response spectra, nonconservative
results would be certainly obtained when the
turbine is parked. Some ISs and CGs take account
of these issues (IEC 2005; AWEA 2011), but no
explicit indications on the damping ratio to be
adopted are given in the others (DNV/Risg 2002;
GL 2010).
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Structural Model
A fundamental assumption of existing ISs and
CGs, with regard to the structural model, is mate-
rial linearity. This assumption is essentially jus-
tified by the fact that the primary intent is to
ensure power production for the design life of
the HAWT, usually 20 years, and that nonlinear
deformation (damage) to the turbine would inter-
rupt reliable operation. Material linearity means
low operational stresses, and this provides some
safety margins against failure (Bazeos
et al. 2002). Therefore material linearity will be,
in general, a prerequisite of ISs and CGs also
when assessing the response to seismic
excitations.

Starting from the assumption of material line-
arity, in general, two types of structural modeling
are feasible:

+ Simplified models which model the tower and
consider the rotor-nacelle assembly (RNA) as
a lumped mass at the tower top

 Full system models which describe the whole
turbine, including the nacelle and rotor with a
certain level of detail

Simplified models are appealing since the
complexities involved in modeling the rotor are
avoided. Full system models include the rotor
blades and, in general, turbine components such
as power transmission inside the nacelle and pitch
and speed control devices, with a different degree
of accuracy depending on the specific modeling
adopted, for instance, a finite element (FE) or a
rigid multi-body modeling.

Simplified or full system models can be used
depending on the selected structural analysis
method. In particular:

o Fully coupled time-domain simulations
involve only full system models as they
require modeling the rotor aerodynamics,
with the earthquake ground motion simulta-
neously acting at the tower base.

» Decoupled analyses may be implemented
using either a full system model or a simplified
model. If a simplified model is adopted, seis-
mic loads are built considering the mass of
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RNA Iumped at the tower top, while wind
loads are obtained by a dedicated software
package, capable of modeling the rotor aero-
dynamics, with no earthquake ground motion
at the tower base, since the analysis is
decoupled.

International Standards and
Certification Guidelines

Guidance for seismic loading on HAWTs can be
found in the following ISs and CGs:

» DNV/Rise: Guidelines for design of wind tur-
bines (DNV/Risg 2002). Released by Det
Norske Veritas (DNV) and Risg National
Laboratory

* GL 2010: Guideline for the certification of
wind turbines (GL 2010). Released by
Germanischer Lloyd (GL)

« IEC 61400-1: Wind turbine generator sys-
tems. Part 1: Safety requirements (IEC
2005). Released by International
Electrotechnical Commission (IEC)

» ASCE/AWEA RP2011: Recommended prac-
tice for compliance of large land-based wind
turbine support structures (ASCE/AWEA
2011). Released by American Society of
Civil Engineers (ASCE) and American Wind
Energy Association (AWEA)

DNV/Rise Guidelines

DNV/Ris¢ Guidelines are meant to provide a
basic introduction to the most relevant subjects
in wind turbine engineering (DNV/Risg 2002).
Consistently with this general purpose, quite gen-
eral suggestions are given to deal with seismic
loading.

It is prescribed that earthquake effects should
be considered for HAWTs located in areas
that are considered seismically active based
on previous records of earthquake activity
(Section 3.2.8). For those areas known to be seis-
mically active but with no sufficient information
available for a detailed characterization of seis-
micity, an evaluation of the regional and local
geology is recommended to determine the
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location of the HAWT relative to the alignment
of faults, the epicentral and focal distances, the
source mechanism for energy release, and the
source-to-site attenuation characteristics. In this
case, the evaluation should aim to estimate both
the design earthquake and the maximum expect-
able earthquake, taking into account also the
potential influence of local soil conditions on
the ground motion.

No specific recommendations are given on the
earthquake-wind load combinations to be consid-
ered. However, since it is prescribed that in seis-
mically active areas the HAWT should be
designed so as to withstand earthquake loads, it
is implicit that the three, typical load combina-
tions described earlier (i.e., earthquake loads and
operational wind loads, earthquake loads and
emergency stop loads, earthquake loads occur-
ring in a parked state) shall be referred to.

As for what concerns the method of analysis,
DNV/Rise provides explicit suggestions only for
the response spectrum method, as used in a
decoupled analysis. In particular, the use of
a single degree-of-freedom (SDOF) system with
a lumped mass on top of a vertical rod is
suggested, with the rod length equal to the
tower height and the lumped mass including the
mass of the rotor-nacelle assembly (RNA) and %
of the mass of the tower. It is prescribed that the
fundamental period of the SDOF system is used
in conjunction with a design acceleration
response spectrum to determine the loads set up
by the ground motion, by analogy with the sim-
plified procedures used in building codes. Ana-
lyses shall be performed for horizontal and
vertical earthquake-induced accelerations. How-
ever, no explicit recommendations are given on
the criterion to translate the resulting spectral
response acceleration into design seismic loads,
as well as on the damping ratio to be used. Since
in the absence of specific guidance on this matter,
a most intuitive choice of engineers could be
using the typical procedures of the International
Building Code (ICC 2012), it has to be remarked
that the 5 % damping ratio, embedded in the
standard design response spectrum, is appropriate
only for seismic loading acting during an opera-
tional state, but overestimates considerably the
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actual damping in a parked state. This aspect
should be well kept in mind when referring to
DNV/Risg for seismic assessment of HAWTs.
Regarding the structural model, attention is
drawn to the need of including the actual stiffness
of the structural component of the foundation
and an appropriate model of the supporting or
surrounding soil, the latter through a proper
soil structure interaction (SSI) modeling
(Section 8.4). Although, for this purpose,
nonlinear and frequency-dependent models are
recommended in principle, appropriate linearized
models are allowed, depending on the expected
strain level in the soil (typically, it may be up to
10~ for earthquake loading and considerably
larger than for other loading conditions). The
linearized models consist of translational and
rotational springs for circular footings and piles.

GL Guidelines

GL 2010 guidelines aim to set a number of
requirements for the certification of wind turbines
(GL 2010). For this reason, they are quite pre-
scriptive and provide detailed information on
some particular aspects of seismic risk.

In agreement with DNV/Rise, GL 2010 pre-
scribes that seismic loading shall be taken into
account in seismically active areas (Section
4.2.4.2.3). Earthquake loading is included in a
group of design load cases (Table 4.3.2) classified
as load cases accounting for “extended” design
situations, including special applications and site
conditions. These design load cases are not man-
datory for certification purposes, but may be cho-
sen for the verification of the HAWT to
complement the applicability in specific design
situations. The response to seismic loading is to
be assessed both in the operational state and the
parked state (Table 4.3.2) under normal wind
loading. For the operational state it is also
suggested to consider the activation of the emer-
gency shutdown triggered by the earthquake. The
safety factor for all the loads to be combined with
seismic loading is equal to 1.0 (Section 4.3.5.4).
A return period of 475 years is prescribed as the
earthquake design level. To model the seismic
loading, recommendations of the local building
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code should be applied or, in the absence of
locally applicable regulations, those of either
Eurocode 8 (2004) or American Petroleum Insti-
tute (API 2000).

Regarding the method of analysis, GL 2010
specifies that fully coupled or decoupled analyses
are possible, with at least three modes in both
cases. Time-domain simulations shall be carried
out considering at least six simulations per load
case. As with DNV/Risg, no guidance is provided
on the damping ratio to be adopted when using
the design response spectrum in a decoupled
analysis. Again, because of the lack of guidance
on this matter, it shall be kept in mind that the 5 %
damping ratio is appropriate only in the opera-
tional state and that lower damping ratios shall be
considered in the parked state.

GL 2010 gives no particular prescriptions on
the structural model to be adopted. However,
because at least three modes have to be
included in the vibration response, the use of a
multi-degree-of-freedom (MDOF) structural
model is implicitly suggested. In general, a
linear elastic behavior shall be assumed. A duc-
tile response can be considered only when the
support structure has a sufficient static redun-
dancy, such as a lattice tower. However, if
ductile behavior is assumed, the structure shall
be mandatorily inspected after occurrence of an
earthquake.

IEC Standards
IEC 61400-1 Standards aim to specify essential
design requirements to ensure structural integrity
of wind turbines (IEC 2005). They have the status
of national standards in all European countries
whose national electrotechnical committees are
CENELEC members (CENELEC = European
Committee for Electrotechnical Standardization).
IEC 61400-1 recommends that, in seismically
active areas, the integrity of the HAWT is dem-
onstrated for the specific site conditions
(Section 11.6), while no seismic assessment is
required for sites already excluded by the local
building code, due to weak seismic actions. The
seismic loading shall be combined with other
significant, frequently occurring operational
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loads. In particular, IEC 61400-1 prescribes that
the seismic loading shall be superposed with
operational loads, to be selected as the higher of:

(a) Loads during normal power production,
by averaging over the lifetime

(b) Loads during emergency shutdown, for a
wind speed selected so that the loads prior
to the shutdown are equal to those
obtained with (a)

No explicit reference is made, however, to the
load case of an earthquake loading striking in a
parked state.

The safety factor for all load components to be
combined with seismic loading shall be set equal
to 1.0. The ground acceleration shall be evaluated
for a 475-year recurrence period based on ground
acceleration and response spectrum requirements
as defined in local building codes. If a local
building code is not available or does not provide
ground acceleration and response spectrum, an
appropriate evaluation of these parameters shall
be carried out.

Regarding the method of analysis, fully
coupled or decoupled analyses are possible
(11.6). In time-domain analyses, sufficient simu-
lations shall be undertaken to ensure that the
operational load is statistically representative. It
is prescribed that the number of tower modes
used in either of the above methods shall be
selected in accordance with a recognized build-
ing code. In the absence of a locally applicable
building code, consecutive modes with a total
modal mass of 85 % of the total mass shall
be used.

IEC 61400-1 gives no particular indications
on the structural model for seismic analysis. In
agreement with GL 2010, however, it is implicit
that the structure shall be modeled as a MDOF
system, since the use of consecutive modes with a
total modal mass equal to at least 85 % of the total
mass is recommended. In general, the response
should be linearly elastic, while a ductile
response with energy dissipation is allowed only
for specific structures, in particular for lattice
structures with bolted joints.
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Annex C of IEC 61400-1 presents a simplified,
conservative method for the calculation of seis-
mic loads. This procedure is meant to be used
when the most significant seismic loads can rea-
sonably be predicted on the tower, and shall not
be used if it is likely that the earthquake ground
motion may cause significant loading on the rotor
blades or the structural components of the foun-
dation. The principal simplifications in Annex
C are ignoring the modes higher than the first
tower bending mode and the assumption that the
whole structure is subjected to the same acceler-
ation. Upon evaluating or estimating the site and
soil conditions required by the local building
code, or adopting conservative assumptions
while detailed site data are not available, the
simplified method can be applied as follows:

e The acceleration at the first tower bending
natural frequency is set using a normalized
design response spectrum and a seismic
hazard-zoning factor. For this, a 1 % damping
ratio is assumed.

+ Earthquake-induced shear and bending
moments at the tower base are calculated by
applying, at the tower top, a force equal to the
total mass of the RNA + /2 the mass of the
tower times the design acceleration response.

e The corresponding base shear and bending
moments are added to the characteristic loads
calculated for an emergency stop at rated wind
speed, i.e., the speed at which the limit of the
generator output is reached.

» The results are compared with those obtained
against the design loads or the design resis-
tance for the HAWT. If the tower can sustain
the resulting combined loading, no further
investigation is needed. Otherwise, a thorough
investigation shall be carried out on a MDOF
structural model.

With regard to such a simplified method,
described in Annex C, it shall be pointed out
that ignoring the second tower mode is a signifi-
cant nonconservative simplification (e.g., see
Zhao and Maisser (2006) on the role of the second
tower mode in the seismic response of HAWTS).
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This is somehow compensated for by incorporat-
ing 5 of the tower mass with the tower head mass
and prescribing superposition with the character-
istic loads calculated for an emergency stop at
rated wind speed, which represent quite conser-
vative aerodynamic loads.

ASCE/AWEA Recommended Practice

The general purpose of ASCE/AWEA RP2011 is
to clearly identify specific US national recom-
mendations for wind turbine design, which are
compatible with IEC 61400-1 but may provide
proper recommendations for those cases in which
US practice and IEC 61400-1 differ. As for what
concerns seismic assessment, ASCE/AWEA
RP2011 makes a quite comprehensive effort to
harmonize some relevant specific prescriptions of
certification agencies with the traditional per-
spectives of US standards ASCE/SEI 7-05,
which sets the minimum design loads for build-
ings and structures in general (ASCE 2006). For
the level of detailed information provided,
ASCE/AWEA RP2011 can be considered a very
useful and comprehensive reference tool for the
seismic assessment of HAWTs.

ASCE/AWEA RP2011 points out that
although standard HAWT classes shall be gener-
ally designed for normal wind conditions,
extreme wind, conditions and other environmen-
tal conditions including temperature and air den-
sity, specific prescriptions on the criteria for the
design of HAWTSs subjected to earthquake
ground motions are necessary, in recognition of
the fact that earthquake events are common in
many US jurisdictions. According to ASCE/
AWEA RP2011, it is of critical importance to
recognize that seismic loads plus operational
loads may in some cases govern tower and foun-
dation design. For these reasons, load combina-
tions involving earthquake occurring in an
operational state and earthquake triggering emer-
gency stop loads, an earthquake occurring in a
parked state should be considered (Section 5.4.4).
Seismic ground motion values should be deter-
mined based on the acceleration response spec-
trum or site-specific ground motion procedures as
prescribed by ASCE/SEI 7-05 (see Section 11.4
and Chapter 21 in ASCE/SEI 7-05).
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Unlike the alternative ISs and CGs, ASCE/
AWEA RP2011 provides quite detailed prescrip-
tions on a “best practice” load combination
including seismic loads plus operational loads:

U= (1.2 + 0.2Sps)D + 0.75(pQg + 1.0M)
(1)

U= (0.9 — 0.2Sps)D + 0.75(pQg + 1.0M)

2
where:
U = factored load effect
D = dead load

M = operational loading equal to the greater
of (1) loads during normal power production at
the rated wind speed or (2) characteristic loads
calculated for an emergency stop at rated wind
speed

Qg = effect of horizontal seismic (earthquake-
induced) forces

Sps = design spectral response acceleration
parameter at short periods

p = 1.0, redundancy factor (for nonbuilding
structures not similar to buildings p = 1.0,
according to Chapter 12.3.4.1 of ASCE/SEI 7-05)

ASCE/AWEA RP2011 suggests Equations
15.4-1 and 15.4-2 of ASCE/SEI 7-05 for the
seismic response coefficient Cs (nonbuilding
structures), if Equation 12.8-1 of ASCE/SEI 7-
05 is used to compute the seismic base shear.
Specifically, in Eq. 15.4-2 of ASCE/SEI 7-05
for Cs a response modification factor R = 1.5 is
recommended by ASCE/AWEA RP2011. The
use of R = 1.5 does not necessarily imply that a
ductile response or material overstrength is
expected but accounts for a certain conservatism
in the seismic response coefficient C; prescribed
for nonbuilding structures.

In Egs. 1 and 2, the use of a load factor of 0.75
on both seismic loads and operational loads is
supported by results of time-domain analyses on
HAWTSs ranging from 65 to 5 MW, subjected to
100 earthquake ground motion records, for vary-
ing orientation of wind and earthquake loads
(Prowell 2011). It is observed that when the seis-
mic hazard at a particular site is dominated by



Seismic Analysis of Wind Energy Converters

known faults, consideration of site-specific
prevailing wind direction and maximum earth-
quake component direction may be appropriate.
In this case no load factor may be applicable, if
wind and wave propagation directions are
expected to coincide.

ASCE/AWEA RP2011 recommends that for
load combinations not including operational
loads, the spectral response acceleration parame-
ter should be based on a 1 % damping ratio, which
reflects the low inherent damping of typical steel
support structures for HAWTs. The multiplica-
tive spectral adjustment factor, B, to adjust spec-
tral response acceleration, S,, from 5 % (standard
IBC value for determining S,) to 1 % damped
values is equal to 1.40 (Table 5-6). For load
combinations that include operational loads, the
spectral response acceleration parameter should
be based on 5 % damped values. ASCE/AWEA
RP2011 points out that this increase in damping is
based on the aerodynamic damping inherent to an
operating HAWT as verified by experimental and
numerical results showing that a damping level of
1 % produces overly conservative results
(Prowell 2011).

Regarding the method of analysis, according
to ASCE/AWEA RP2011 a fully coupled time-
domain analysis and decoupled analyses based on
equivalent lateral force method or modal
response spectrum method are acceptable, as per-
mitted by the local building code. For the specific
implementation of each method of analysis, the
local building code or ASCE/SEI 7-05 is referred
to. In particular, if the equivalent lateral force
procedure is used, the vertical distribution of
seismic forces should be calculated based on the
procedure  given in  ASCE/SEI  7-05,
Chapter 12.8.3, with some modifications: the
seismic forces corresponding to the seismic
weight of the RNA should be located at the tur-
bine’s center of gravity, and those corresponding
to the seismic weight of the tower structure
(including ladders, platforms, railings, etc.)
should be distributed to nodes distributed along
the tower height. No further prescriptions are
given on a specific structural model to be
adopted, when implementing a fully coupled or
a decoupled analysis.

2683

As for what concerns decoupled analyses,
ASCE/AWEA RP2011 suggests that in those
cases when only the peak seismic loads and
peak operational loads are available, the pro-
posed combination method for seismic loads
and operational loads may be overly conserva-
tive, especially in recognition of the fact that the
respective peak loads do not occur at the same
instant of time and in the same loading direction.
Therefore, to reduce potential design conserva-
tism and obtain a more accurate prediction of the
response, fully coupled time-domain analyses are
suggested, considering earthquake ground accel-
eration in combination with operational or emer-
gency stop loads. Seismic analysis should comply
with the requirements of ASCE/SEI 7-05,
Chapter 16, concerning, for instance, the mini-
mum number of simulated earthquake ground
motions. It is recommended that time-domain
analyses be conducted with analysis software
capable of simulating the structural response
and global turbine dynamics, including the aero-
dynamic interaction.

ASCE/AWEA RP2011 gives some interesting
points of view on the applicability of typical pre-
scriptions of building codes to HAWTs design.
For instance, according to ASCE/AWEA
RP2011, enhanced performance objectives may
be established to meet specific owner require-
ments and to improve expected behavior during
and after an earthquake. For this purpose the use
of a performance factor, similar to an importance
factor of 1.5 for essential facilities, is suggested.
This performance factor shall be agreed with the
wind turbine manufacturer to establish accelera-
tion thresholds for turbine components that will
ensure operational performance. Also, according
to ASCE/AWEA RP2011, no specific drifts or
displacement need to be defined. This is moti-
vated essentially by the fact that thorough analy-
sis and design considerations of the ultimate and
fatigue limit states implicitly limit the displace-
ments of the tower. In addition, the wind turbine
controls monitor and limit the possible tower top
accelerations, to prevent exceeding the design
loading.

Another distinctive feature of the ASCE/
AWEA RP2011 is the emphasis put on
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consideration of seismic forces in the foundation
design, for areas with historical earthquake activ-
ity. Evaluation of earthquake effects should be
performed in accordance with the requirements
of the local building code or IEC 61400-1. In any
case, geotechnical evaluation of earthquake
effects should include ground shaking, liquefac-
tion, slope instability, surface fault rupture, seis-
mically induced settlement/cyclic densification,
lateral spreading, cyclic mobility, and soil
strength loss. In areas susceptible to earthquake
effects, appropriate mitigation should be pro-
vided for foundations. For projects located near
active faults, the characteristics of the fault
including type, seismic setting, subsurface condi-
tions, ground motion attenuation, and maximum
earthquake magnitude should be considered.
At any rate, HAWTSs should be located with ade-
quate setbacks from fault zones. Where relatively
loose unsaturated cohesionless soils are present at
the project site, the effect of ground shaking from
a design level earthquake should be taken into
account. Also, potential settlement due to cyclic
densification of the site soils should be evaluated.

Implementation of Seismic Assessment

Despite the prescriptions given by existing ISs
and CGs (DNV/Risg 2002; GL 2010; IEC 2005;
ASCE/AWEA 2011), engineers dealing with the
seismic assessment of HAWTs may face a few
issues, which are only partially addressed by ISs
and CGs. This section is meant to provide some
insights into these aspects, illustrating the most
relevant studies for this purpose. Although inves-
tigations are not fully accomplished, it is worth
mentioning these studies, as they may provide
engineers with very useful data for a correct seis-
mic assessment of HAWTs.

As mentioned earlier, an important step is the
construction of the structural model. Simplified
models, which avoid the complexities involved in
modeling the rotor, are frequently used, espe-
cially for a preliminary design. In contrast, for a
comprehensive investigation of all factors rele-
vant to seismic risk, full system models are gen-
erally considered. They allow prediction of
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component loads instead of only tower loads,
which cannot be estimated in a simple tower-
based model. In this regard, it is remarked that
higher modes involving the rotor dynamics may
play an important role, as they may fall in the
region of maximum spectral response accelera-
tion (Prowell et al. 2010).

Regardless of the structural model adopted,
another important issue in the seismic assessment
of HAWTs is SSI modeling. Modeling the base as
fixed, with no consideration of the SSI, could be
justified in the case of overdesigned foundations
and stiff soil conditions. However, HAWTs may
be installed on relatively soft soils or loose soils
containing alluvial deposits, and under these cir-
cumstances the SSI modeling, particularly for
dynamic loads, could become a major concern
in the design of the foundation and, consequently,
of the entire support structure of the HAWT
(Bazeos et al. 2002; Zhao and Maisser 2006).
A proper SSI modeling may play an important
role also in consideration of the ground motion
amplification effects on soft and loose soils.

In the following, simple and full system
models will be described briefly as used in the
recent literature, along with relevant information
on SSI modeling.

Simple Models

One of the first studies on the seismic response of
HAWTSs has been carried out by Bazeos and
coworkers (Bazeos et al. 2002). They have inves-
tigated a 38 m high HAWT resting on a concrete
block, located in a site with 0.12 g peak ground
acceleration and semi-rock soil conditions. Seis-
mic analyses have been conducted on two differ-
ent models, a FE model of the tower with shell
elements and a simplified FE model with lumped
masses along the tower height and 3D beam ele-
ments approximately mapping mechanical and
geometrical properties of the tower. In both
models, a top mass has been added to model the
RNA; SSI has been modeled by a set of discrete
springs and dashpots and, adding to the mass of
the concrete foundation block (modeled as rigid),
a virtual soil mass moving in phase (Mulliken and
Karabalis 1998). Parked conditions only have
been considered, with no aerodynamic loads
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along the tower. Seismic analysis has been car-
ried out in the time domain using ground motions
compatible with the elastic response spectrum, as
prescribed by the Greek Aseismic Code with
0.5 % damping. For the relatively low ground
acceleration under consideration (0.12 g), low
stress levels have been found due to seismic exci-
tations, with respect to the stress levels due to
wind in either operational or emergency states.
Results obtained by the time-domain simulations
on the two FE models have been validated by a
response spectrum analysis on a SDOF system
with a mass set equal to the total mass of the
system and a stiffness computed from the first
natural period of the FE model with shell ele-
ments. Interestingly, Bazeos and coworkers
(2002) have showed that higher tower modes
can be significantly affected by SSI modeling.
This result is important in consideration of the
fact that the natural frequencies of the higher
tower modes may fall within the region of max-
imum spectral acceleration (Haenler et al. 2006).

Umar and Ishihara (2012) have focused on the
construction of a response spectrum for HAWTSs
under seismic excitations only, i.e., in a parked
state. The need for a specific response spectrum is
motivated by the observation that the support
structures for HAWTs exhibit, unlike buildings,
long period, heavy top, and different mass distri-
bution along the height. Besides this general
observation, by carrying out numerical simula-
tions using a database of strong earthquake
ground motions, they have shown that the very
low damping levels in parked conditions deter-
mine excessive fluctuations in the response spec-
trum, and such uncertainty cannot be captured by
existing damping correction factors in Eurocode
8 (2004) and Japanese Building Standard Law
(BSL 2004). Umar and Ishihara (2012) have
modeled the HAWT as a MDOF system with a
lumped mass at the top, and a sway-rocking
model to take into account SSI effects. They
have proposed a modified correction factor for
the damping ratio of the BSL response spectrum
used in Japan (BSL 2004), depending on the
natural period and the targeted reliability. They
have shown that the maximum seismic loads, as
obtained by a complete quadratic combination of
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five modal responses obtained by the specified
design spectrum, match very well the
corresponding values obtained with time series
analyses. Results have been provided for HAWTs
with different size.

Stamatopoulos (2013) has addressed the
response of HAWTs to near-fault ground
motions. He has investigated a 53.95 m tall tur-
bine resting on a circular footing. A FE model of
the tower and the circular footing has been used,
with a lumped mass at the tower top modeling the
RNA; SSI has been modeled by uncoupled
nonlinear springs distributed below the footing.
The response to near-fault ground motion has
been investigated by three methods: a response
spectrum method based on the elastic accelera-
tion spectrum provided by the Greek Aseismic
Code, suitably increased by 25 % to account for
proximity to a seismic fault; a response spectrum
method involving an elastic local acceleration
spectrum built based on actual records for the
project site; and a time history analysis using
synthetized ground motions compatible with the
elastic local acceleration spectrum. The two
response spectrum analyses have been carried
out on a FE model with the tower grounded by a
linearly elastic rotational spring, with stiffness
computed as the ratio of the bottom bending
moment to the bottom rotation. An iterative pro-
cedure has been implemented, since the bottom
bending moment and rotation depend on the seis-
mic loading computed from the spectral acceler-
ation; the latter depends on the first natural
period, which depends in turn on the stiffness of
the grounded rotational spring. Stamatopoulos
(2013) has shown that the acceleration spectrum
provided by the Greek Aseismic Code, although
appropriately increased to account for proximity
of seismic fault, significantly underestimates the
shear and bending moment demand at the tower
base by 55 %.

Nuta and coworkers (2011) have proposed a
methodology to assess the probability of failure
of a HAWT under seismic excitations in a parked
state. Despite material linearity is generally pre-
scribed for design, in fact, nonlinear behavior has
to be taken into account when examining the
potential failure mechanisms induced by seismic
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excitations. For a HAWT with 1.65 MW rated
power and 80 m hub height, they have built log-
normally distributed fragility curves to estimate
the probability of reaching a defined damage
state. Parameters of the lognormal distributions
have been obtained from nonlinear incremental
dynamic analyses, assuming the magnification
factor with respect to the design earthquake as
intensity measure, and peak displacement, peak
rotation, residual displacement, and peak stress as
damage measures. For the specific sites of this
study, two in Canada and one in the USA, no
significant probability of failure has been found
for the 1.65 MW HAWT under consideration
(Nuta et al. 2011).

Full Models

In the last few years, a significant effort has been
spent on developing advanced tools that may
allow a full system modeling of HAWTs. Due
to computational complexity involved in a FE
modeling of all components of a HAWT, models
with a limited number of degrees of freedom have
been built, and, in general, a modal approach, a
multi-body approach, or a combination of the two
has been used. Many high quality full-modeling
software packages are now available for the wind
industry, such as GH BLADED (Bossanyi 2000)
and FAST (Jonkman and Buhl 2005), developed
at the United States National Renewable Energy
Laboratory (NREL). A few comments on these
packages are in order, especially with regard to
the options available for seismic analysis.

GH BLADED uses a multi-body dynamics
approach in conjunction with a modal represen-
tation of the flexible components like tower and
blades (Bossanyi 2000). A fully coupled time-
domain simulation is feasible, with wind and
seismic loadings simultaneously generated. Two
methods are available for simulating seismic
loading. The first method allows recorded accel-
eration time histories to be used, while the second
method uses an iterative procedure to synthetize
acceleration time histories providing an elastic
response spectrum that closely matches a speci-
fied design response spectrum. SSI can be also
modeled. GH BLADED has been validated by
GL for calculating operational loads associated
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with typical load cases. A combined multi-body
dynamics and modal formulation is adopted also
by FAST(Jonkman and Buhl 2005), with flexible
components modeled based on user-provided
mode shapes. A fully coupled time-domain sim-
ulation can be implemented, with seismic loading
generated as a user-defined loading imposed at
the tower base. Like GH BLADED, FAST has
been validated by GL.

Using BLADED, Witcher (2005) has com-
pared the results from a response spectrum
method and time-domain simulations as applied
to a 60 m tall 2 MW turbine subjected to earth-
quake ground motion in both operational and
parked cases. He has found that the elastic design
spectrum with 5 % damping ratio yields a maxi-
mum bending moment at the tower base in a very
good agreement with that computed by time-
domain simulations, thus inferring that aerody-
namic damping experienced by an operating tur-
bine is quite close to 5 %. However, the results of
the response spectrum method and time-domain
analyses were very different in the parked case,
with the first significantly underestimating the
maximum tower base bending moment. This
result has confirmed that in the parked case no
aerodynamic damping is generated and that using
the response spectrum method with a 5 %
damping ratio does lead to nonconservative
results. Although, in the specific case under
examination, the bending moment demand due
to earthquake loading in the parked case was
lower than that due to earthquake loading in the
operational case, Witcher (2005) has drawn the
attention to the fact that, in some cases, the driv-
ing load can be that corresponding to earthquake
loading in the parked case and has recommended
further investigations on this issue.

Using FAST, one of the most comprehensive
and fruitful studies on the seismic assessment of
HAWTs has been carried out by Prowell and
coworkers (2013). They have run a multiyear
research program including extensive numerical
simulations with FAST on HAWTs featuring dif-
ferent sizes and rated power (65 kW; 900 kW;
1,5 MW and 5 MW) and experimental tests on a
HAWT (65 kW rated power, 22.6 m hub height,
and a 16 m rotor diameter) mounted on the
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Fig. 2 HAWT on the
outdoor shake table at the
University of San Diego,
CA. The arrows indicate
the direction of shaking
(From Prowell et al. 2013)

Configuration 1
(FA shaking)

outdoor shake table at the University of Califor-
nia, San Diego (Fig. 2). Prowell and coworkers
have collected a considerable amount of data,
which has also served as a basis for ASCE/
AWEA RP2011 prescriptions. Using a set of
99 ground motions with different magnitude and
source-to-recording distance, they have run
numerical simulations showing that the consid-
ered earthquakes may produce, in the 5 MW
HAWT, a bending moment demand at the tower
base well above that from extreme wind events.
This result has been found for parked, opera-
tional, and emergency shutdown simulations
and confirmed that seismic loads may be design
driving for large turbines in regions of high seis-
mic hazard.

As for what concerns the experimental tests on
the 65 kW HAWT, only a few key results are
reported here, but interested readers can find
detailed information on both numerical and
experimental findings in the study by Prowell
and Veers (2009), Prowell et al. (2010, 2013),
Prowell (2011), and references therein. Experi-
mental tests were carried out in operational and
parked states. In each state, shaking has been
imparted in two directions, one parallel (FA =

Configuration 2
(SS shaking)

fore-aft) and another perpendicular (SS = side-
to-side) to the rotation axis of the rotor. Structural
response characteristics have been recorded for
motions imparted in both configurations and both
operational states (Prowell et al. 2013).

The results have shown that for shaking
imparted in the SS direction, no appreciable dif-
ferences are encountered between operational
and parked states, in terms of bending moment
envelopes (Fig. 3b). In contrast, for shaking
imparted in the FA direction, the bending
moment demand at the tower base in the opera-
tional state was reduced by approximately
15-33 % from that while parked (Fig. 3a). This
reduction of demand confirmed that in the oper-
ational state, aerodynamic damping has to be
accounted for when performing a decoupled anal-
ysis, with separately generated wind loading and
seismic loading (Prowell et al. 2013). However,
due to the influence of many factors such as wind
speed, earthquake magnitude, wind and earth-
quake relative directions, and SSI modeling, mul-
tiple simulations including likely distributions of
wind speed and earthquake shaking have been
recommended for an accurate quantification of
the aerodynamic damping (Prowell et al. 2013).
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Fig. 3 Experimental
bending moment envelope
for three earthquake ground
motions (From Prowell

et al. 2013)
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Fig. 4 Experimental
acceleration envelope for
three earthquake ground
motions (From Prowell

et al. 2013)
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The same simulations should serve for a proba-
bilistic description of the influence of seismic
excitations on extreme loads.

A further important result obtained by Prowell
and coworkers (2013) concerns the relative con-
tributions of various tower modes. The maximum

absolute acceleration envelopes in the FA and SS
direction have shown that, in addition to the first
mode, the second mode contributes significantly,
as indicated by the high acceleration values at
two thirds of the tower height (Fig. 4). This result
has confirmed what predicted by other
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Fig. 5 SSI modeling for
seismic assessment of
HAWTs (From Zhao and
Maisser 2006)

2689

rock

source of
earthquake

researchers (Haenler et al. 2006) on the impor-
tance of the second tower mode for estimation of
seismic loads on large turbines. However, on the
basis of the response PSDs, it has been found that
amplification of energy imparted near the fre-
quency of the second modes was not significantly
influenced by operational state, thus implying
that aerodynamic damping shall preferably be
accounted for only in the first mode response
(Prowell et al. 2013).

Besides the software packages used by the
wind industry, there exist also a few full models
of HAWTSs, which have not been translated in
software packages for the wind industry yet, but
have provided very interesting results on the seis-
mic response of HAWTs.

For instance, Zhao and coworkers (Zhao and
Maisser 2006; Zhao et al. 2007) have developed a
hybrid multi-body system (MBS) for full model-
ing of HAWTs. By this approach, the elastic
tower is discretized into a series of rigid bodies
coupled elastically by constraint joints and
springs. The wind rotor is treated as a rigid disk;
nacelle and machine carrier are coupled by an
in-plane joint and treated as a rigid ensemble
connected to the tower top through a revolute
joint. The governing equations are derived using
Lagrange’s equations. This approach, though
more mathematically rigorous, does not require
external calculation of component mode shapes.

The MBS has been used by Zhao and Maisser
(2006) to assess the seismic response of a 65 m
high HAWT. SSI has been modeled approxi-
mately by a frequency-independent discrete
parameter model, as a 3D set of uncoupled
spring-damper devices, including translations
and rotations (Fig. 5).

Seismic analysis has been carried out in oper-
ational conditions with a three-component weak
real earthquake record. Numerical results have
showed that while the top displacement is domi-
nated by the wind thrust, force and bending
moment in the longitudinal direction at the
tower base are affected considerably by earth-
quake loads. In addition, in the lateral direction
(where there are no wind loads), the force and
bending moment are essentially decided by the
earthquake loads and amplify several times.

Another interesting result concerns the lateral
reaction force at the main bearing that is found to
be significantly increased with respect to the case
of no earthquake loading. This increase of the
lateral reaction force is attributed to the gyro-
scopic forces that arise because of the change of
the wind rotor direction, due to the earthquake
loading. A further result of the study by Zhao and
Maisser (2006) is that SSI modeling affects sig-
nificantly the higher tower modes, especially the
second lateral bending mode. In this respect, this
result confirms the results obtained by Bazeos
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et al. (2002) using a simplified model of the
HAWT and shall be taken into account in consid-
eration of the fact that especially the higher tower
modes may fall within the region of maximum
spectral acceleration (Haenler et al. 2006).
Using a multi-body system with flexible parts
(tower, blades) described by a variable number of
modes and including SSI modeling, Haenler and
coworkers (2006) have investigated the seismic
response of a HAWT with an 80 m rotor diameter
and 60 m hub height, operating under a 13 m/s
wind speed and subjected to an earthquake
ground motion with a 0.3 g peak ground acceler-
ation (PGA). They have showed that the full
system model predicts modes at frequencies in
the region of maximum spectral response accel-
eration for typical design response spectra. An
important contribution of this study regards the
relative increase in higher mode response. It has
been found that, for normal wind loading, 80 % of
the tower energy is associated with the first mode,
while, during the considered earthquake, the
energy in the first mode is reduced to 54 % per-
cent only of the tower energy, thus concluding
that higher tower modes are more important for
earthquake loading than for typical wind loading.
Another full model of HAWT has been pro-
posed by Ishihara and Sarwar (2008). Starting
from the observation that, unlike wind loads,
seismic waves may excite a wide range of fre-
quencies including those of higher modes, they
have developed a nonlinear FEM code (CAST)
for a full FE modeling of the HAWT and its
components. Beam elements with a linear mate-
rial have been used to model tower and blades.
Analyses performed by the FE code on HAWTs,
in a parked state, have been used in conjunction
with the Japanese BSL response spectrum (BSL
2004) to derive design formula for the prediction
of seismic loads on two turbines. In particular,
following a semi-theoretical codified method
provided by the Japan Society of Civil Engineer-
ing (JSCE 2007), a profile of seismic loads (shear
and moment demand) acting on a HAWT in
parked conditions was estimated from a base
shear built as the sum of a shear force due the
first mode, obtained by using the BSL accelera-
tion response spectrum, and the shear force
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contributions due to higher modes, obtained on
the basis of the FE analysis. Results have been
provided for two HAWTs, one with 400 kW rated
power, 36 m hub height, and 31 m rotor diameter
and the other one with 2 MW rated power,
67 m hub height, and 80 m rotor diameter.
By comparison with the results obtained from
time-domain simulations, it has been shown that
the BSL 5 % damped response spectrum provides
nonconservative seismic load profiles for both the
400 kW HAWT and the 2 MW one, thus
confirming that a 5 % damping ratio is not appro-
priate for HAWTs in parked conditions, which
experience much lower damping level. It is worth
remarking that the time-domain simulations car-
ried out by Ishihara and Sarwar (2008)
highlighted that contribution of higher modes
may become significant for large HAWTS
(2 MW) under earthquake excitations, confirming
similar results obtained by other researchers
(Haenler et al. 2006).

Summary

The importance of seismic loading in the design
of HAWTs is recognized in existing ISs and CGs,
and in seismically active areas attention shall be
paid to the possibility that design is driven by
load combinations involving seismic excitations.

Existing methods for seismic assessment of
HAWTs are fully coupled time-domain simula-
tions, computing the response to simultaneously
acting wind loading and seismic loading, and
decoupled analyses, where the responses to
wind loading and seismic loading are built sepa-
rately and then superposed. Fully coupled time-
domain simulations, although complex and time
consuming, remain the indispensable benchmark
tool for an accurate seismic assessment of
HAWTSs. However, decoupled analyses are also
important, especially in the early stages of
design.

For the implementation of fully coupled time-
domain simulations, a full system model must be
employed. Simplified models, where the rotor is
not modeled, are allowed to build separate seis-
mic loads in decoupled analyses.
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Despite the prescriptions of existing ISs and
CGs, a few important aspects are actively being
investigated, such as the influence of SSI model-
ing, the importance of higher modes in the seis-
mic response, the potential failure mechanisms
under earthquake loading, and the estimation of
aerodynamic damping for decoupled analysis.
A full understanding of these aspects is desirable
for a correct seismic assessment of HAWTs.
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Introduction

Modern geophysical techniques enable changes
to be observed at some volcanoes before mag-
matic eruptions: detection of seismicity (see
“p Seismic Monitoring of Volcanoes) from
magma pushing through cold country rock is
one of the most common and successful monitor-
ing techniques and can lead to short-term

Seismic Anisotropy in Volcanic Regions
forecasting (see “» Volcanic Eruptions, Real-
Time Forecasting of”’). Another example of geo-
physical precursors to eruptions is surface defor-
mation from inflation or deflation of a volcano
due to magma movement. However, some volca-
noes do not display these clues, and there remains
a need for techniques that are sensitive to other
physical attributes that might change in conjunc-
tion with the eruption process. Any overpressured
magma storage reservoir, be it a system of dikes,
sills, conduits, spherical chamber, or a combina-
tion of these, will exert a stress on the surround-
ing country rock that may or may not be manifest
as observable strain. Detecting and understanding
this stress may be a key to predicting if and when
a volcano will erupt.

Definition

Seismic anisotropy is the variation of seismic
wave speed with direction. It is an indicator of
geometric ordering in a material, where features
smaller than the seismic wavelength (e.g., crys-
tals, cracks, pores, layers, or inclusions) have
a dominant alignment. This alignment leads to
a directional variation of elastic wave speed.
Seismic anisotropy can be measured using many
seismological techniques but is most frequently
observed using shear wave splitting, which
requires clear shear wave energy recorded on
three-component seismometers. Measuring the
effects of anisotropy in seismic data can provide
important information about processes in the
Earth such as stress conditions, material flow,
and the structure of the subsurface and deep
Earth.

Historical Background

Hess (1964) first made a significant observation
of large-scale anisotropy when seismic refraction
measurements in oceans showed that the P-wave
velocity of the upper mantle (Pn) was consis-
tently higher for profiles recorded perpendicular
to an oceanic spreading center (i.e., parallel to the
direction of spreading or plate movement) than
for profiles recorded parallel to the spreading
center. These measurements were attributed to
the alignment of olivine crystals in the mantle
lithosphere because of flow during the formation
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Seismic Anisotropy in Volcanic Regions, Fig. 1 Shear
wave splitting in an anisotropic medium. Anisotropy is
caused by preferentially aligned cracks due to a maximum
horizontal compressive stress (Sy;..)- A vertically propa-
gating shear wave that is arbitrarily polarized gets split
into a fast wave with polarization (¢) parallel to crack
alignment and a slow wave, which is polarized at 90° to ¢.
The waves are separated with delay time Jt

of the oceanic plate at the ridge. Since the 1970s,
improvements in computing power and memory
and in seismic field observation have led to
a greater understanding of the seismic anisotropy
of the Earth at all levels and scales (Savage
1999). Measurements of seismic anisotropy
have been used to detect fabric and stress in the
Earth’s crust, flow in the upper mantle, topogra-
phy of the core-mantle boundary, and differential
rotation of the inner core.

The measurement of seismic anisotropy has
been found to be a proxy for determining the
direction of maximum horizontal compressive
stress (Sgma) in the crust; applied stress can
cause microcracks to preferentially open parallel
to the maximum compressive stress, creating an
anisotropic medium with the fast direction parallel
to Symax (Fig. 1). The mechanism of aligned
microcracks is thought to be the only one that
allows seismic anisotropy to vary on observable
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timescales, and temporal changes are traditionally
interpreted as stemming from variations in the
stress field due to large earthquakes or magmatic
intrusions. There is mounting evidence, however,
that the dominant mechanism for seismic anisot-
ropy can switch between a static condition, such as
aligned fractures in fault zones, and a dynamic
process, such as stress causing aligned
microcracks to dilate. In areas where there are
strong changes in Sy, direction and magnitude
on observable timescales, such as at active volca-
noes, seismic anisotropy analysis has proven
a valuable tool when combined with ground defor-
mation or other seismological observations for
interpretation of volcanic processes such as
magma migration (e.g., Gerst and Savage 2004;
Bianco and Zaccarelli 2009; Unglert et al. 2011).

Seismic Anisotropy

Shear Wave Splitting

Shear wave splitting occurs when a shear wave
travels through a seismically anisotropic
medium, i.e., one in which seismic waves travel
faster in one direction or with one polarization
than another (Fig. 1). In the Earth’s upper crust,
anisotropy is most likely to be caused either by
stress  conditions  preferentially  aligning
microcracks parallel to the maximum compres-
sive stress or by pervasive structural features. For
a near-vertical propagation direction, the shear
wave with the displacement in the plane of the
open cracks will travel faster than that crossing
the plane of the cracks, and so a fast shear wave
with orientation ¢ and a slow shear wave orthog-
onal to ¢, separated by a delay time ¢, will be
observed (Babuska and Cara 1991). Crack-
induced anisotropy has in some studies been con-
sidered a direct indicator of present-day stress,
with ¢ providing information about the orienta-
tion of Sy,,,,, and ot giving information about the
strength of anisotropy and the amount of time that
the wave spent traversing the anisotropic
medium. Studies that combine independent stress
estimation methods with shear wave splitting
results have found that strong geological fabric
or aligned structures rather than the maximum
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stress can govern the observed ¢ in some situa-
tions. Both stress-induced and structure-related
anisotropies have been observed in the same
regions and, in some cases, have been detected
at the same station (e.g., Zinke and Zoback 2000;
Johnson et al. 2011).

The subject of temporally varying anisotropy
is a hotly debated topic (e.g., Crampin and Pea-
cock 2008). Temporal variations in shear wave
splitting can take the form of a rotation in the fast
direction of anisotropy, an increase or decrease in
the delay time, or a combination of both. The
changes are thought to stem from perturbations
of the elastic properties of the crust due to crack
opening either by local concentration of shear
stress or by a change in pore-fluid pressure. Mon-
itoring these changes can therefore provide cru-
cial information about the state of stress and pore
content around active volcanoes. However, spa-
tial variations of anisotropy masquerading as
temporal variations are one of the main caveats
associated with the interpretation (Johnson
et al. 2011). This can occur when the location of
the source earthquakes changes or migrates
throughout the duration of the observation period
leading to the seismic waves experiencing differ-
ent anisotropic conditions due to heterogeneity in
the anisotropic structure. Temporal variations in
anisotropy associated with major magmatic erup-
tions, such as the 1995/1996 eruptions of Mount
Ruapehu, have been subject to doubts about the
possibility of shear wave splitting variations
being due to changing source earthquake loca-
tion. Therefore, the methods must be fully under-
stood before changes in anisotropy with time can
truly be used as an eruption forecasting tool. To
do this, one must first explore the spatial varia-
tions in anisotropy at volcanoes before examining
the temporal changes.

Mt. Ruapehu volcano in the North Island of
New Zealand has been the subject of some of the
most comprehensive shear wave splitting studies
of any volcano on Earth. Therefore, to illustrate
the spatial versus temporal variation issue,
anisotropy studies at Mt. Ruapehu will be
explored. Temporal variation of shear wave split-
ting at Mt. Ruapehu was investigated by Miller
and Savage (2001) and Gerst and Savage (2004).

Seismic Anisotropy in Volcanic Regions

Miller and Savage (2001) measured shear wave
splitting from earthquakes in 1994 and 1998 and
observed a change in the dominant ¢ spanning
the time of the last major magmatic eruption in
1995/1996. That study was extended by Gerst and
Savage (2004), who used the same techniques
and an additional deployment of three-
component seismometers in 2002 to observe fur-
ther changes in ¢ (Fig. 2). The results of both
studies were interpreted as being caused by
a dike-shaped magma reservoir, or system of
dikes, trending NE-SW. According to this
model, the magma reservoir was pressurized
before the eruption, producing a local stress
field different from the regional stress field. This
interpretation is favored above one in which dikes
are intruded and solidify, causing a new structural
anisotropy, because of the lack of detectable
deformation and seismicity associated with dike
intrusion. The model suggests that following the
eruption the reservoir was less full and corre-
spondingly less pressurized, meaning that the
local stress returned to that of the surrounding
region. The Gerst and Savage (2004) study
suggested that the later changes in ¢ were due
to repressurizing of the reservoir in response to an
increase of magma in the system because ¢ from
deep earthquakes displayed the regional trend,
while ¢ from shallow earthquakes was oriented
to the pre-eruption direction. The return of anisot-
ropy to the pre-eruptive state also supports the
interpretation of stress-controlled anisotropy as
the intrusion of dikes would be a permanent
change.

Johnson et al. (2011) investigated the spatial
variations in anisotropy in more detail using
a dense seismometer deployment in 2008, to
compare future changes in anisotropy and to
identify the regions and causes of past changes
in anisotropy with more confidence. Johnson
et al. (2011) divided the mapped anisotropy into
regions in which the fast polarizations agreed
with stress estimates from focal mechanism
inversions, suggesting stress-induced anisotropy,
and those in which the fast polarizations were
aligned with structural features such as faults or
metamorphic fabric, suggesting structural anisot-
ropy. Using this benchmark of anisotropy,
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Fig. 2 Schematic stress and anisotropy model after
Gerst and Savage (2004). In 1994, a pressurized dike
system created a local stress field. In 1998, after the
eruption, when the dike system was depressurized, stress
directions partially returned to the regional trend. In 2002,
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Johnson and Savage (2012) examined temporal
changes in shear wave splitting from 1994 to
2010. They observed a region of strong anisot-
ropy centered on Mt. Ruapehu in 1995, the time
of a major magmatic eruption, agreeing with
Miller and Savage (2001) and Gerst and Savage
(2004), which was interpreted to be due to an
increase in fluid-filled fractures during the erup-
tion. They also observed strong anisotropy and
a change in fast direction (~80°) at Mt. Tongariro
in 2008, which was initially interpreted to be due
to a change in the geothermal system but was
later the location of a small eruption in 2012.

Measuring Shear Wave Splitting

Many methods have been developed to measure
shear wave splitting in the Earth’s crust (e.g.,
Crampin and Gao 2006). The goal is to identify
the orientation of the fast split shear wave and the
delay time between the fast and slow split shear
waves. These parameters can then be used to infer
rock properties such as crack distribution and

—)

1998 2002

U A SO

the dike system refilled, and the stress field in the anom-
alous region was dominated by the dike again. The align-
ment of cracks was not as strong as in 1994, so the
anisotropy in the anomalous region was not strong enough
to affect fast directions from deep events

geometry, pore content, or stress regime. Ideally,
the procedure will be able to accurately process
large quantities of three-component data in an
efficient, unbiased, and objective way, without
operator intervention, while providing quantita-
tive evaluation of the uncertainties for each mea-
surement of shear wave splitting.

A manual method for analyzing shear wave
splitting is that of direct inspection of the 3D
particle motion projected onto a horizontal
plane (hodograms). This method relies heavily
on observer judgment and therefore can produce
biased results and is inefficient for large datasets.
Other methods employ partially automated pro-
grams, where the user must pick a window
around the shear wave arrival and/or evaluate
the results. There are several approaches com-
monly used to semiautomatically determine
shear wave splitting parameters: the covariance
matrix technique searches for nonzero eigen-
values to “unsplit” the shear wave; the cross-
correlation technique searches for the rotation
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and time delay that yields the highest cross-
correlation between orthogonal components; the
aspect ratio technique searches for the rotation
and time delay that yields the most linear particle
motion with the maximum aspect ratio; and the
vector amplitude technique uses the maximum
amplitude in a time window to identify the split
shear waves. Any degree of user interaction may
introduce some subjectivity and is usually time-
consuming, although many practices of auto-
mated quality control will result in loss of signif-
icant amounts of data. Completely automated
shear wave splitting analysis has proven elusive,
as the step that is difficult to automate is the
picking of the shear wave arrival. Several
methods boast full automation other than this
problematic step. In general, since phase arrivals
are often picked for previous analyses such as
hypocenter location, these automated methods
are preferable to the ones with a lot of user inter-
action; more data can be evaluated, reducing the
effect of loss of data through the quality control
steps.

Interpreting Shear Wave Splitting: Some
Assumptions

Most shear wave splitting observations are
interpreted under some assumptions, which are
rarely completely true in the Earth:

1. That the medium possesses hexagonal sym-
metry with a horizontal axis: The majority
of anisotropic rocks in the Earth have, or can
be approximated to have, hexagonal symme-
try. This is because the most common symme-
tries have patterns that do not differ
significantly for horizontal fast axis alignment
and near-vertical incidence angles. The sim-
plest models used to explain variations in two
orthogonal directions are hexagonally sym-
metric models. Therefore, shear wave splitting
is usually interpreted in terms of transverse
anisotropy with a horizontal symmetry axis.

2. That the anisotropic medium is in a single,
homogeneous layer: When a shear wave
passes through multiple anisotropic layers,
the observed splitting parameters depend
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strongly on the thickness and strength of
anisotropy of the layers, on the relative fast
directions, and on the wavelength of the wave.
If the shear wave has been sufficiently split in
the first layer that the fast and slow waves are
separated, then when it enters the second
layer, which has a fast direction 20—70° dif-
ferent, both of the quasi-shear waves will be
split again. In this case both waves will now
have the fast and slow directions of the second
layer. However, when the splitting from the
first layer is weak so that the two quasi-shear
waves are not more than one wavelength apart,
both waves are still resplit, but the result is
a complex waveform that is difficult to inter-
pret but can still be meaningful. In general,
shear wave splitting fast direction is represen-
tative of the last layer that the wave passed
through and the delay time can be approxi-
mated as accumulating along the path.

3. That the anisotropic medium is localized
beneath the receiver: As seen in the previous
point, in general, the anisotropy parameters
are representative of the last anisotropic
medium that the wave travelled through.
Therefore, the assumption that the medium is
local to the station is usually justified. How-
ever, in regions with heterogeneous aniso-
tropic structure, data at a single station will
not be consistent and the assumption will not
be appropriate.

Further discussions of these points can be
found in Silver and Savage (1994), Savage
(1999), and Johnson et al. (2011).

Other Estimates of Seismic Anisotropy

Shear wave splitting analysis is becoming a very
popular method for determining seismic anisot-
ropy in the crust. This is in part due to the abun-
dance of data and methods available and also to
the relative insensitivity to the source-receiver
geometry (other than deep enough earthquakes
for the rays to arrive within the shear wave win-
dow) and independence from the need for dense
networks of seismometers (see “» Seismic Net-
work and Data Quality”). Another benefit of
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shear wave splitting analysis is that, even though
the results can be averaged over multiple mea-
surements, they represent a snapshot of anisot-
ropy. There are, however, other methods for
determining seismic anisotropy. Most of the
other methods involve calculating anisotropic
velocities using tomographic techniques (see
“p Seismic Tomography of Volcanoes™) with
body or surface waves from active or passive
sources, or using ambient seismic noise (see
“» Noise-Based Seismic Imaging and Monitor-
ing of Volcanoes” and “» Seismic Noise”).

Tomographic methods (see “» Seismic
Tomography of Volcanoes”) require larger
amounts of data with relatively even coverage
of sources and sensors, which (usually) take
longer to acquire, thereby rendering the methods
less practical for time-lapse investigations than
shear wave splitting investigations. Tomo-
graphic methods that are used to calculate seis-
mic anisotropy are different to techniques that
conduct tomographic inversions on shear wave
splitting data. Anisotropy parameters are
derived from the inversions in the former case,
while the latter is an inversion of the anisotropy
parameters.

Inversions of body wave arrival times for
three-dimensional velocity structures are com-
mon practice at volcanoes using teleseismic
waves, local earthquake sources, and active seis-
mic sources. These inversions can also account
for 3D V,, azimuthal anisotropy, which is param-
eterized with a percent anisotropy and an orien-
tation of the fast axis. Seismic anisotropy can be
detected using inversions of Love and Rayleigh
surface waves from large earthquakes in the same
manner.

Surface waves constructed from cross-
correlations of ambient seismic noise can be
inverted for 3D seismic velocity structure. Seis-
mic anisotropy from ambient noise tomography
can be calculated. These calculations are differ-
ent from the time-lapse studies that detect tem-
poral variations in isotropic seismic velocities
using ambient noise interferometry (see
“» Tracking Changes in Volcanic Systems with
Seismic Interferometry”).
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Variations in Shear Wave Splitting

Spatial Variation of Shear Wave Splitting
Most shear wave splitting results are plotted as
rose diagrams (circular histograms) of fast direc-
tion at the station at which the measurements
were made (e.g., Fig. 2). This implicitly assumes
that the anisotropy is localized beneath the sta-
tion. In many regions this may be appropriate;
however, when there is lateral heterogeneity, the
rose diagrams will become scattered or multi-
modal. Johnson et al. (2011) detected distinct
splitting parameters for measurements using
earthquakes from several different clusters in
the region of Mt. Ruapehu. This backazimuthal
dependence implies that the ¢ value obtained
from shear wave splitting analysis is highly
dependent upon the path that the ray takes,
which has also been found in other regions. Fur-
thermore, this suggests that the anisotropy
changes over shorter distances in the crust than
is often observed for mantle anisotropy and that
averaging ¢ over the whole region may not be
appropriate. If the causes of the different regions
of anisotropy are known, it is easier to identify
and map the differences using shear wave split-
ting analysis. If the crustal stresses or fabrics are
more complex or unknown, then it is more diffi-
cult to map and interpret heterogeneous anisot-
ropy, although a denser array of seismic stations
and a broad range of backazimuths increase
the likelihood of identifying the source of
heterogeneity.

For time-lapse studies, it is important to miti-
gate the chance of spatial variations of shear
wave splitting being erroneously interpreted as
temporal variations. One way to do this would be
to map spatial variations in detail at a time when
there are no hypothesized temporal changes. This
becomes difficult, but essential, when the anisot-
ropy is very heterogeneous and the seismograph
array is less dense than the spatial changes. This
section outlines some examples of shear wave
splitting tomography studies, which attempt to
solve the problem of spatial variation.

Shear wave splitting tomography is difficult
because of the nonlinear effect of multiple layers
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Fig. 3 Delay time tomography from the inversion of
shear wave splitting data at Mount Ruapehu Volcano,
New Zealand. Warm colors indicate strong anisotropy,

of anisotropy on waveforms. This is different to
travel time tomography, in which the travel time
of a wave is often linearly related to the velocity
structure of the media it has passed through.
Because of this difficulty, many techniques treat
¢ independently from ot. Three-dimensional
tomographic inversions can be carried out on
the delay time data to characterize fracture den-
sity distribution. This tomography uses only Jt
from local earthquakes to investigate anisotropy
strength in the crust. In this way, regions of high
anisotropy can be identified, but information
regarding fast directions is not accounted for.
Audoine et al. (2004) presented a simple
method of 2D spatial averaging to examine het-
erogeneous anisotropy in the crust. A grid was

calculated from the model variance matrix, white inverted
triangles are seismic stations (After Johnson et al. (2011))

constructed with nodes regularly spaced between
each earthquake and station. This grid was then
treated as a new dataset, and ¢ for each node
within a polygon, or within a box of a regular
lattice, was averaged. This created average ¢
values at regular intervals that could be denser
than the station spacing, hereby identifying spa-
tial trends in fast directions, but not accounting
for delay times. Johnson et al. (2011) adapted
a combination of the above methods to map the
heterogeneous seismic anisotropy field around
Mt. Ruapehu in New Zealand (Fig. 3). To con-
strain the locations of high anisotropy, they
conducted a two-dimensional tomographic inver-
sion on the delay time estimates. They then used
a spatial averaging technique similar to that of
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Audoine et al. (2004), but with the fast polariza-
tions weighted according to the strength of anisot-
ropy calculated from the tomography. The method
uses a quad-tree gridding system to enable higher
resolution where the data permit and couples the
two shear wave splitting parameters, even though
they are not used in a joint inversion.

Abt and Fischer (2008) carried out full 3D
shear wave splitting tomography for the mantle.
The method parameterized the mantle as a 3D
block model of crystallographic orientations.
Nonlinear properties of shear wave splitting
were accounted for by applying the inversion
iteratively and recalculating partial derivatives
after each iteration. Using this method, Abt and
Fischer (2008) modeled an idealized subduction
zone with uniform stations and sources. When
applied to real data, they found that the geometry
of stations and observed seismicity in the
Nicaragua—Costa Rica subduction zone yielded
partial to good resolution. This method also has
the potential to be applied to crustal studies such
as active volcanoes.

Temporal Variation of Shear Wave
Splitting in the Crust
The temporal variation of shear wave splitting
and its interpretation is highly controversial.
The main point of dispute is whether the accumu-
lation of stress before significant events such as
eruptions or large earthquakes allows the time
and magnitude of impending events to be stress
forecast through shear wave splitting monitoring.
The effects have been reported with hindsight
before at least 15 earthquakes. Crampin and Pea-
cock (2008) present a summary of observations
of temporal variations in shear wave splitting
attributed to  stress-aligned fluid-saturated
microcracks. However, alternative interpreta-
tions of these observations of temporal changes
suggest there may be observer bias in data selec-
tion, unsound statistical analyses, misinterpreta-
tion of spatial variation, and lack of correlation
with other stress-determining factors/correlation
with structural evidence.

Clear evidence has been obtained that crustal
shear wave splitting can vary over short distances
and can be caused by structural features in the
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crust, which would not change with changing
stress. However, it is also clear that anisotropy
due to stress-aligned fluid-saturated microcracks
can change with time, as has been demonstrated
in industry when small changes associated with
injection and removal of fluids from reservoirs
were examined. The use of similar earthquakes
(i.e., those that have the same source mechanism
and location) for shear wave splitting analysis
helps to eliminate some of the discrepancies
with interpretation. Johnson et al. (2010) used
shear wave splitting analysis, a multiplet of
25 similar earthquakes and double-difference
relocation to examine temporal variations in seis-
mic properties prior to and accompanying mag-
matic activity associated with the 2008 eruption
of Okmok Volcano. They found a general change
in ¢ but could not rule out dependence on
backazimuth and no significant change using the
multiplet. Using earthquakes originating from the
subducted slab in order to reduce the effect from
changing paths, several modes of ¢ were identi-
fied, relating to the anisotropy of the mantle
wedge, regional stress direction, and local stress
induced by the pressurization and depressuriza-
tion of the magma reservoir. These modes were
found to have different prominence at different
times throughout the eruptive cycle.

Once again returning to the example of
Mt. Ruapehu, Miller and Savage (2001) and
Gerst and Savage (2004) observed general
changes in seismic anisotropy throughout the
eruptive cycle. Johnson et al. (2011), however,
showed that seismic anisotropy around
Mt. Ruapehu is heterogeneous and that averaging
the whole region is not appropriate. Therefore,
Keats et al. (2011) used seismicity generated
from a consistently active area of seismicity
about 20 km to the west of Mt. Ruapehu. Shear
wave splitting results revealed a decrease in delay
time in the 2006-2007 eruption period and
a significant variation in the fast shear wave
polarization in the same time period (Fig. 4).
These changes were attributed to an increase in
pore-fluid pressure in the region due to fluid
movement, and it was suggested that this fluid
movement may be associated with the eruptions
in 2006 and 2007.
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Fig. 4 Moving average plot of fast polarization (¢) and
delay time (87) using earthquakes within the Erua swarm
at station FWVZ at Mount Ruapehu, New Zealand. Indi-
vidual measurements for ¢ and d¢ are displayed in light
blue and 10-point moving averages are displayed in dark
blue. The error bars indicate 95 % confidence intervals.
The four time periods, marked by the numbers 1-4, and
three transition zones, marked by a t, are indicated with
vertical red lines and the mean for each period are shown

Temporal variation of shear wave splitting
parameters as a stress indicator has been
employed at several other volcanoes. While
most studies concentrate on either stress-induced
anisotropy or structurally dominated anisotropy,
several studies have found that the dominant
mechanism can change between the two (Keats
et al. 2011; Johnson and Poland 2013) and that
more than one mechanism can be dominant over
short distances, potentially creating an apparent
temporal change that is actually an artifact of
changing earthquake location (Zinke and Zoback
2000).

Even though we have seen that shear wave
splitting analysis can be used as an indicator of
stress and of fluid saturation in the crust, surpris-
ingly few studies have been conducted on shear

by the red horizontal bars with 90 % confidence interval
(dashed red lines). The times of the two phreatomagmatic
eruptions that occurred are also marked with grey bars.
Rose diagrams of ¢ are displayed in their respective time
periods. The b-value for the Erua swarm catalogue is also
plotted against time in black at the fop using a window of
40 events and an eight-event overlap. Dashed black lines
indicate 95 % confidence interval (After Keats
et al. (2011))

wave splitting around volcanoes (Fig. 5). This is
due, in part, to the generally noisy waveforms and
complicated interpretation of such observations
when taking into account heterogeneity and com-
plex stress regimes. It should be noted that there
is significant literature about shear wave splitting
in the mantle beneath active volcanoes because
these regions are invariably of interest tectoni-
cally, but this entry focuses on crustal studies
only.

Relating Shear Wave Splitting to Other
Observations

Shear wave splitting analysis has been proven to
be a useful indicator of stress and of fluid
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Seismic Anisotropy in Volcanic Regions, Fig. 5 Map
showing volcanoes at which shear wave splitting investi-
gations have been carried out. Green volcano symbol

saturation in the crust but can also be caused by
structures such as macroscopic fractures or min-
eral alignment. At volcanoes, the generally noisy
waveforms, complicated heterogeneity, and com-
plex stress regimes can make interpretation of
shear wave splitting difficult. For this reason,
shear wave splitting investigations are often
coupled with other stress or strain indicators and
structural geology data to minimize the ambigu-
ity in the interpretation.

Volcanic Seismicity, Fault Plane Solutions,
and b-Value

Studies of shear wave splitting in areas of devel-
oped industry may use direct indicators of the
stress field in the crust, such as borehole break-
outs, for comparison with shear wave splitting
results. However, few active volcanoes have
these clues, so other stress monitoring techniques
must be employed.

The occurrence of volcano-tectonic (VT) (see
Volcano-Tectonic Seismicity of Soufriere
Hills Volcano, Montserrat”) earthquakes is an
immediate indicator of differential stress in the
crust around a volcano. Changes in the stress field
may trigger more VTs, the detection of which is
one of the most successful tools of seismic
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indicates that temporal var