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Preface

Concrete is a very old building material: in Rome, we still have beautiful examples
of its use, built around two thousand years ago. However, in the last twenty years it
has changed much more than any other building material. The compressive
strength, its main performance, is increased more than 4 times, with a reduced
increase in the cost of the material, thanks to the progress in technology introduced
by innovative products. Structural concrete is the most widely used building
material in the world, with a global production estimated between 21 and 31 billion
tons per year. In 2016, a world population of 7.4 billion people has been estimated:
this means an average production of about 1500 liters per person per year of
concrete.

All the structures are expected to deteriorate over time when used: diffuse
damage due to cracking often causes a shortening of the expected life. Durability
and serviceability play a key role for a sustainable progress of the humanity,
decreasing the concrete request of human resources and extending the serviceability
life of structures and infrastructures with a proper maintenance. The growing use of
additives and fibres in the matrix has required the introduction of other perfor-
mances like those describing the post-cracking SLS and ULS residual strengths in
order to take into account the corresponding tremendous toughness increase in the
structural design. The performance-based design is nowadays orienting concrete
evolution: it is becoming crucial to quantify further performances aimed at guar-
anteeing durability. At the same time, a strong effort is in progress to reduce the
impact of concrete production on the environment, thus reducing CO2 emissions
and embodied energy. The conference “Italian Concrete Days” for the first time
organized jointly by AICAP and CTE since the time of their foundation is an event
focused on these subjects and open to the international community.

The ICD16 proceedings, published in Italian language on digital media with
ISBN 978-88-99916-02-2, contain over 165 technical and scientific papers aligned
to the main topics announced: innovative materials, technologies and constructive
techniques, fire resistance, robustness and life cycle assessment, maintenance,
upgrade and reuse of structures and infrastructures. They trace a state of the art also
open to internationality on concrete construction evolution and mark the actual
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position on the path of sustainability. In this volume, which represents a synthesis
of the proceedings aimed at an international promotion of the event and of several
significant scientific innovative contributions presented therein, 40 contributions
presented in English language are collected. According to the Scientific Committee,
for the quality of the texts, the care of the edition and the specificity of the infor-
mation gathered in, these contributions deserve a wider international diffusion
aimed at tracing the evolution of the technical and scientific topics on the structural
concrete of Italian civil engineering.

We would like to take this opportunity to thank all the colleagues of the
Scientific Committee for their contribution in reviewing and finalizing the papers
for the proceedings in a strict time.

Our sincere appreciation is also extended to the secretary offices of both the
cultural associations, AICAP and CTE, who were able to work in cooperation,
feeling the need to unify their efforts to give a high-quality product, searching a new
format able to consider the international visibility requirements and to involve also
international experts and a more interdisciplinary knowledge in the discussed
topics. To this aim, a special acknowledgement is addressed to the International
Association of Structural Concrete fib, for having supported the whole venture.

We hope that this volume could favour the needed dialogue between the various
stakeholders, who act in the field of the constructions, according to a new deal in
the industrialization process, that driven by digitalization, ushers further progress
and a meaningful national and international collaboration.

Marco di Prisco
Marco Menegotto
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Multi-criteria Analysis for Sustainable Buildings

A. De Angelis1(✉), N. Cheche1, R. F. De Masi1, M. R. Pecce1, and G. P. Vanoli2

1 Department of Engineering, University of Sannio, Benevento, Italy
alessandra.deangelis@unisannio.it

2 Department of Medicine and Health Sciences, University of Molise, Campobasso, Italy

Abstract. Currently climate and housing standards in parallel with the energy
savings govern the performance required to buildings. Consequently, innovative
multi-functional components try to satisfy both the requirements of structural
safety and thermal performance, but the choice of the designer is difficult due to
the complexity of this new market. In this paper, the Multi-Criteria Decision
Making (MCDM) analysis is proposed as suitable methodology that can provide
adequate support for choosing the best building components between different
alternatives. As case study, TOPSIS method (Technique for Order Preference by
Similarity to Ideal Solution) has been applied for comparing four different types
of floor. The criteria assumed in the case study are referred to different fields as
well as thermal, acoustic, air quality building science, structural performances,
economic and human impacts. The case study allows to point out that the optimal
solution depends on the importance (weight) that the decision maker assigns to
each considered criterion.

Keywords: Multi-criteria problem · Structural performance · Sustainability
TOPSIS · Weight assignment · R.C. floor

1 Introduction

In the field of buildings construction the target of energy saving has led to a convulsive
evolution of the market for the components of the “building envelope” that is focused
only on this aspect, even though further performance has to be assured especially for
the structural safety. The availability of multi-functional products with interdisciplinary
performances makes necessary the adoption of quantitative models to assist designers
in decision making, comparing solutions in term of cost, safety, durability, energy effi‐
ciency and so on. The main challenge for the involved decision makers includes the need
to consider multiple objectives with different tradeoffs values, therefore a reliable
approach to decision analysis is necessary. The wide variety of available solutions for
the building envelope, suggests the use of non-dominated optimization to identify a set
of feasible design solutions that represent a real compromise between the criteria. This
approach, referred to as Pareto optimization, has been extensively applied in the litera‐
ture concerned with multi-criteria design (Grierson 2008). In the context of building
design, Multiple Criteria Decision Making (MCDM) methods provide a valuable tool
for supporting the choice of the preferred Pareto optimum. Some examples of MCDA
application are available in various engineering fields. In their paper Mardani et al.

© Springer International Publishing AG, part of Springer Nature 2018
M. di Prisco and M. Menegotto (Eds.): ICD 2016, LNCE 10, pp. 3–16, 2018.
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(2015) have documented the exponentially grown interest in the MCDM techniques and
they have provided a state-of the-art of the literature regarding applications and meth‐
odologies. They have established a list of around 400 articles categorized into 15 fields:
energy, environment and sustainability, supply chain management, material, quality
management, GIS, construction and project management, safety and risk management,
manufacturing systems, technology management, operation research and soft
computing, strategic and knowledge management, production management, tourism
management and other fields. Kabir et al. (2013) in a recent paper have pointed out that
approximately 300 works concern the application of multicriteria decision techniques
in the field of infrastructure management. Considering building sector, most of the
studies that apply the multicriteria approach are focused separately on energy, environ‐
mental or structural engineering criteria. More in detail, several papers discuss how high
performance buildings require an integrated approach focusing on architecture concep‐
tion (Fontanelle and Bastos 2014, Songa et al. 2015), on building envelope solution
(Gagliano et al. 2015, Yang et al. 2016), on choice of HVAC system designs (Avgelis
and Papadopoulos 2009) and integration of renewable energy and storage technologies
(Wimmler et al. 2015, Ascione et al. 2015). As summarized above, the application of
MCDA is not new, but, it is generally not related to multidisciplinary problems. In this
paper, the potentialities of MCDA application are evidenced for the selection of building
envelope components; in particular the application of the procedure is developed for a
reinforced concrete (RC) floor; several traditional and innovative solutions are analyzed,
considering both the energy efficiency as well as the primary structural performance.

2 A Multicriteria Approach for Roof Slab Technology

The choice of the alternatives to be considered to finalize a MCDA procedure is a key
issue that can surely influence the result. Indeed, although the evaluation model is accu‐
rate and reliable, it can lead to a poor choice if the alternatives under consideration are
weak (Brown 2005). There are several tools that may be employed in the definition of
decision alternatives, such as brainstorming techniques (Osborn 1957), cognitive
mapping (Eden 1988), dialog maps (Conklin 2006), among others.

More in detail, it has been shown that tools where decision alternatives are created
considering the decision-makers’ objectives (Keeney 1992) or stakeholders’ values
(Gregory and Keeney 1994) are the most useful. For example, the analyst can ask to
decision makers to propose options that could perform adequately a single objective. In
this study, the types of floor have been selected in order to compare two traditional types
of reinforce concrete (RC) floors (one casted in situ and the other precast) and two new
types of RC floors in which innovative materials are used to improve the energy effi‐
ciency.

The first type is a traditional brick-concrete floor, that is a RC floor lightened with
hollow clay bricks (named type A1 in the following analysis); other three types of RC
floor:

• A2: hollow-core floor;
• A3: expanded polystyrene lightened floor;

4 A. De Angelis et al.



• A4: wood-cement lightened floor (Fig. 1).

Fig. 1. Types of floor: (a) A1-Brick-concrete floor; (b) A2-Hollow-core floor; (c) A3-Expanded
polystyrene lightened floor; (d) A4-Wood-cement lightened floor.

The brick-concrete floor is the most diffuse technology in Europe, but usually, it
satisfies only the structural performance. It is completely cast in situ or realized with
precast joists; the bricks are spaced to allow the concrete casting of the joists. The
description of the properties of the roof layers is shown in Table 1; here, “s” is the
thickness, “λ” the thermal conductivity, “cp” the specific heat and “ρ” the density.

Table 1. Brick-concrete floor

s
[m]

λ
[W/mK]

cp

[J/kgK]
ρ
[kg/m3]

Interior plaster 0.02 0.700 1000 1800
Ribs and brick 0.20 0.916 878 1008
Slab 0.05 1.600 1000 2500
Screed 0.05 1.060 1000 1800
Waterproofing membrane 0.01 0.170 1000 900
Flooring 0.03 0.700 1000 1000

Instead, the hollow core floor have been created to address the need to reduce the
commissioning work time. For this reason, often, it doesn’t attempt other functional
performance. The element A2 (Table 2) is a precast pre-stressed concrete slab that is
completed in-situ with a concrete layer with thickness not less than 4 cm.

Multi-criteria Analysis for Sustainable Buildings 5



Table 2. Hollow-core floor

s
[m]

λ
[W/mK]

cp

[J/kgK]
ρ
[kg/m3]

Interior plaster 0.02 0.700 1000 1800
Hollow-core floor 0.20 1.120 1000 2400
Slab 0.05 1.600 1000 2500
Screed 0.05 1.060 1000 1800
Waterproofing membrane 0.01 0.170 1000 900
Flooring 0.03 0.700 1000 1000

The EPS-based solution could optimize the energy and environmental performance
by operating, at the same time, an increment of the thermal insulation and a reduction
of the structural weight.

In particular the third solution, A3, consists of a panel in Expanded Polystyrene
(EPS) and a steel ‘L’ shaped profile embedded inside having a load-carrying function
during the casting (generally the self-supporting capacity is guaranteed on a span of
2.50 m for a height floor equal to about 240 mm); two adjacent EPS panel are used as
formwork for the casting of the concrete ribs. Therefore, the system is completed by a
concrete casting on the top to realize a RC slab. The lower winglet (height ranging from
4 to 8 cm) ensures the continuity of the polystyrene even below the rafters, conferring
a low transmittance to the floor and reducing the thermal bridges effect. Table 3 describes
the properties of each layer of floor.

Table 3. Expanded polystyrene lightened floor

s
[m]

λ
[W/mK]

cp

[J/kgK]
ρ
[kg/m3]

Interior plaster 0.02 0.700 1000 1800
Insulating fin 0.04 0.036 1000 35
Ribs and panel 0.20 0.300 1400 413
Slab 0.05 1.600 1000 2300
Screed 0.05 1.060 1000 2000
Waterproofing membrane 0.01 0.170 1000 900
Flooring 0.03 0.700 1000 1000

The element A4, wood-cement lightened floor, consists of pre-assembled panels, of
dimensions 100 cm  × (20-25-30-39), length up to 6.5–7 m, with horizontal and vertical
milling to eliminate thermal bridges and to improve acoustic performance. The floor
must be completed on site with supplementary welded steel mesh and finishing casting
of the slab. Table 4 shows the characteristic of layers selected for the case study.

6 A. De Angelis et al.



Table 4. Wood-cement lightened floor

s
[m]

λ
[W/mK]

cp

[J/kgK]
ρ
[kg/m3]

Interior plaster 0.02 0.700 1000 1800
Fin insulating wood 0.05 0.103 2200 512
Wood-concrete block 0.20 1.120 1400 2400
Slab 0.05 1.600 1000 2500
Screed 0.05 1.060 1000 1800
Waterproofing membrane 0.01 0.170 1000 900
Flooring 0.03 0.700 1000 1000

3 Parameters for Multi-criteria Analysis

National and international policies devote increasing attention to the reduction of energy
consumption and environmental impacts; however in any evaluation process also the
economic investment has to be considered. In this section, a general discussion about
the selectable criteria for comparing the floor technology is presented. Then, the eval‐
uation system used in the case study is pointed out.

3.1 Structural Properties

The floor is a structural element with significant influence on the realization and behav‐
iour of a building. The floor has the primary structural function of supporting vertical
loads but in case of seismic actions it has the further function of distribution of horizontal
actions. The design of a floor has to be developed according to the technical codes (in
Italy DM 2008 or Eurocode 2). The major issues consist of the fulfilment of the resisting
capacity (ultimate limit state) and functional performance (serviceability limit state a
deformability limitation). Therefore parameters such as the structural weight, the reduc‐
tion of the time for the transportation and the mounting operation can to be considered.

3.2 Properties Related to Indoor Comfort and Consumption Issues

Each construction component contributes to thermal and acoustic comfort inside the
building, daylight conditions, energy efficiency and sustainability, as evidenced by da
Silva and de Almeida (2010). There are a lot of factors that influence the behavior of
building components as described below.

Thermal transmittance (UNI EN ISO 6946 2008) is a measure of insulation level of
building components; usually, lower value of the thermal transmittance means lower
energy consumption for heating. Briefly, according to code approach (Ministerial
Decree 2015), this parameter defines the reference building; it is related to the evaluation
of global performance index both for refurbished as well as for new design buildings.

In the summer period, thermal performance should be evaluated in dynamic regime;
many indicator parameters can be used such as the time lag, the decrement factor, the
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thermal heat capacity and the periodic thermal transmittance (YIE) as defined by UNI
EN ISO 13786 (2007). Briefly, periodic thermal transmittance represents the heat flow
rate through the internal surface of the component when the ambient temperature varies
as sinusoidal function. It is evident that a low value of YIE corresponds to better summer
thermal performance of the building component.

Also the spectral properties of finishing layer should be considered. Indeed solar
reflectance and thermal emittance significantly affect the temperature of the building
components, and these can contribute to reduce the summer energy demand or building
overheating as well as the heat island effect. A surface of roof highly reflective and highly
emissive allows to minimize the amount of light converted into heat and to maximize
the amount of heat that is radiated away. In climatic zones characterized by high energy
requirements for cooling, often, this is a suitable technological solution; however also
the problem due to reduction of heat gain during the winter period should be evaluated.

Sound insulation is the ability of building elements to reduce sound transmission. It
is measured at different frequencies, normally 100–3150 Hz. The airborne sound insu‐
lation is expressed by a single value: Weighted Standardized Level Difference (Dn,t,w),
Weighted Sound Reduction Index (Rw) and Weighted Apparent Sound Reduction Index
(R’w). Impact sound insulation can be expressed by a single value between Normalized
Impact Sound Pressure Level (L’n,w), LnT,w that is the Weighted Standardized Impact
Sound Pressure Level and the L’nT,w that is the Weighted Standardized Impact Sound
Pressure Level. These are calculated according to the standard EN 12354-1 (2000); EN
12354-2 (2000). In Italy, passive acoustic requirements of buildings are reported by the
D.P.C.M. (1997). Moisture in envelope assemblies can cause numerous problems
affecting the indoor air quality of a building and the longevity of building components.
Moreover moisture can cause corrosion of components and dissolve water soluble
constituents damaging structures; the induced degradation could reduce thermal resist‐
ance and the strength and/or stiffness of materials.

Vapor permeability is the ability of a material to allow water vapor to pass through
it. This is a material property and it is not dependent on size, thickness or shape of the
material. Vapor resistance is equivalent to the vapor permeability multiplied by the
thickness (ISO 12572 2001). The total value of vapor resistance of building component
influences the diffusion of water vapor current density.

3.3 Environmental Performance

Often the energy assessment is related to the need of reducing the environmental impact
of building use as well as of construction industry. The sustainability of building sector
should take into account the impact on the surrounding environment, human health,
consumption of resources and on quality of the ecosystem. The most comprehensive
methods to evaluate and reduce environmental impacts is the Life Cycle Assessment
(LCA) methodology. According to International Standard ISO 14040 (2010), LCA is a
“compilation and evaluation of the inputs, outputs and the potential environmental
impacts of a product system throughout its life cycle.” By taking into account the
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construction, assembly, processing and disposal of the component, LCA enables iden‐
tification of the most significant impacts and stages during its life cycle that need to be
targeted for maximum improvements.

3.4 Costs

The cost is surely one of the criteria to be considered in the analysis, since generally a
prefixed budget is established in public and private investment, influencing the choice
of the builders and buyers. The total cost to be sustained for the realization of each
alternative includes: basic resources (manpower and materials), semi-worked (mortar,
ready-mixed concrete, etc.) as well as transportation and freight (trucks, cranes, etc.).
The works are intended performed in a workman like manner in accordance with appli‐
cable laws and regulations.

3.5 Case Study: Evaluation Area and Criteria

For the case study three areas of analysis have been considered:

• Structural Safety;
• Sustainability;
• Economic investment.

These evaluation areas have been structured in categories and evaluation criteria as
shown in Fig. 2.

The evaluation area named Sustainability includes the energy and indoor quality
categories. More in detail, among the parameters that define the thermal performance
of floor thermal transmittance and the periodic thermal transmittance have been chosen.
In the same category, the LCA criterion has been added with the aim to evaluate the
environmental impact of floor supply chain. The indoor quality referred to building
component has been studied in term of acoustic insulation and thus the weighted
normalized impact sound pressure level (L’n,w) has been considered as criterion.
According to EN 12354-2 (2000-09), the limit value for residential kind of use is 63 dB,
for tertiary building it varies between 55–58 dB. Finally, the moisture risk is evaluated
with the global vapor resistance (Rv). The second evaluation area is named Structural
Safety and it is divided into two categories: technology and structural performance. For
these, two evaluation criteria have been considered; the commissioning work time (τc)
and structural weight (Sw). More in detail, the analysed floors have been sized to meet
regulatory requirements by adopting the simple supported beam scheme with a span of
6 m. The residential class use has been considered (Cat A), therefore a variable load of
2 kN/m2 and a permanent load of 2.7 kN/m2 in addition to the weight have been consid‐
ered. For all alternatives a steel reinforcement area equivalent to 2Φ16 for each rafter
has been imposed considering only the height as design parameter; the design heights
obtained for the various types of floors are slightly different for the variation of the self-
weight of each one. Finally the third evaluation area is Investment; it includes, at this
stage of study, only the cost of construction.
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The following table shows the values assumed by each criteria for every selected
floor (Table 5).

Table 5. Multi-criteria analysis parameters

Uf

W/m2K
YIE

W/m2K
LCA
Pt

CI

€/m2
L

′

n,w

dB
Rv

m2sPa/kg
Sw

kN/m2
τc

h/m2

A1 1.76 0.49 10.12 46.31 51.83 1200 ∙ 109 3.21 0.42
A2 1.90 0.28 13.19 45.52 51.16 1200 ∙ 109 3.97 0.21
A3 0.48 0.01 13.25 66.76 56.01 1440 ∙ 109 2.39 0.36
A4 0.99 0.05 14.37 94.13 49.23 1150 ∙ 109 3.33 0.70

4 Weighing System Definition

The definition of a weighing system for every item involved in the analysis is another
key issue of the MCDM approach. The weight assigned to the criteria, categories and
areas of analysis, represents their importance compared to the immediately following
level (partial weight) or with respect to the final objective (overall weight). Since there
is no unique and standardized method for assigning weights, in this case study different

Fig. 2. Hierarchical structure of the evaluation process
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evaluation scenarios are formulated and discussed. In fact the aim of the paper isn’t to
identify the best design solution of the case study, but to give a road map for developing
the evaluation procedure knowing the consequences of the various decisions in a case
of interdisciplinary problems. To this aim, 2 scenarios have been considered:

• Scenario I: Higher weight to Structural Safety category

In the first scenario, Structural Safety has been characterized by the greater impor‐
tance. This scenario, therefore, could be representative of an evaluation process for a
building construction in a high seismic zone. In seismic areas, indeed, the decision maker
or designer attributes inherently greater importance to the structural performance rather
than to Sustainability. In this case, a greater weight to the Structural Safety (0.6 in the
case study) at the expense of the Sustainability (to which a weight of 0.2 is assigned)
has been assigned. The residual weight of 0.2 is assigned to the Economic investment.

• Scenario II: Higher weight to Sustainability category

The second scenario is related to new energy efficiency threshold and thus the design
of Nearly/Net zero energy buildings (Directive 2010/31/EU). A near-zero energy
building is characterized by a very low primary energy needs, covered to a large amount
from renewable sources. It is clear that a high performance building component affects
the reduction of the final energy needs and therefore it plays a positive role in the global
sustainability process. Consequently, greater importance is assigned to sustainability
category, favoring the energy, environmental and indoor comfort criteria. Thus, the
weight of 0.6 and 0.2 is assigned respectively to sustainability and structural safety area.
A weight of 0.2 is assigned to the Investment area as in the previous case.

5 Methodology for Evaluating Criteria Performance

Multi-criteria decision-making (MCDM) methods are formal approaches to structure
information and decision evaluation in problems with multiple, conflicting goals. In this
paper, the selected solving methodology is TOPSIS based on distances from the ideal
solution (Hwang and Yoon 1981). It can be considered a compensatory method because
the better solution is the trade-offs between criteria, where a poor result in one criterion
can be negated by a good result in another criterion. The best alternative should have
the shortest distance from the positive ideal solution and highest distance from the
negative ideal solution (also known as anti-ideal solutions). The distances are measured
by the Euclidean metric and they are computed for normalized and weighted data. In
the following lines, a short description of its application is reported; in particular, seven
main steps can be identified.
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Firstly, it is necessary to create the evaluation matrix (D) whose generic element aij
expresses the performance of the generic alternative Ai (i = 1..n) compared to the generic
criterion Cj (j = 1..m) and then the normalized matrix (R). Indeed, because the compo‐
nent properties and performance indices have different physical dimensions, the element
of the matrix are normalized as:

r
ij
=

a
ij√∑n

k=1 a
2
kj

(1)

where rij is in the range of [0-1].
To prescribe the relative priority among the component properties and performance

indices, a weight factor (wij) is given to each of them. This point will be deeply discussed
in the next section. Thus, the third step consists in the calculation of the weighted
normalized decision matrix (V), where the generic element vij is obtained as in Eq. (2):

v
ij
= r

ij
⋅ w

ij (2)

As further step the ideal (A−) and negative ideal (A*) solution have to be calculated.
In the matrix R whose elements are normalized and weighted according to Eqs. (1) and
(2), the element with the most preferred value (i.e. the highest value in most except for
costs) for the j-th component property or performance index is defined as the ideal v∗

ij,
and the j element with the least preferred value is defined as the non-ideal v−

ij. Hence,
the matrices A* and A− which consist of v∗

ij and v−

ij, respectively, are expressed by
Eqs. (3) and (4):

A
∗
=

{(
max

i
v

ij
||j ∈ J

b

)
,
(
min

i
v

ij
||j ∈ J

c

)
, i = 1, 2,… n

}
=

{
v1∗, v2∗,… , v

n∗

} (3)

A
−
=

{(
min

i
v

ij
||j ∈ J

b

)
,
(
max

i
v

ij
||j ∈ J

c

)
, i = 1, 2,… n

}
=

{
v1−, v2−,… , v

n−

} (4)

where Jb is associated with the criteria or indices which are regarded as the best, and Jc
is associated with the criteria having a negative impact or indices related to price that
is, the less, the better. The selection of solution is made upon the distance between the
best (S∗

i ) and the worst (S−

i ) alternative calculated with the following equations:

S
∗

i
=

√√√√ m∑
j=1

(
v

ij
− v

∗

j

)2
per i = 1, 2,… , n (5)

S
−

i
=

√√√√ m∑
j=1

(
v

ij
− v

−

j

)2
per i = 1, 2,… , n (6)

Then the (C∗

i ) of the alternative by S∗

i  and S−

i  can be evaluated using the relationship:
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C
∗

i
=

S
−

i

S
−

i
+ S

+

i

(7)

With reference to the value of C∗

i , a preference ranking of alternatives can be made.
It is evident that, if Ai coincides with the negative-ideal solution, C∗

i  is zero, while for
Ai coinciding with A*, the maximum value of C∗

i  is 1. Although, it often happens that
the best solution (the one characterized from the highest value of C∗

i ) has at the same
time the minimum distance and the maximum respectively by A* and A ̄, in certain
cases, this condition does not occur.

6 Case Study Results and Discussion

The 4 different RC floors previously introduced have been analysed by the MCDM
method: A1-brick-concrete floor; A2- hollow-core floor; A3- expanded polystyrene
lightened floor; A4- wood-cement lightened floor.

The 2 scenarios described in Sect. 4 have been identified:

• Scenario I: Evaluation process in seismic zone, where the decision maker attributes
inherently greater importance to the structural performance;

• Scenario II: Projects with energy and environmental performance requirements.

The values of C∗

i
 are presented in Fig. 3.

The graph of Fig. 3a shows that for scenario I the EPS lightened floor (A3) turns out
to be the best alternative (maximum value of C∗

i
) together with the precast floor (A2),

when higher importance to the structural performance is given. In the first case the lowest
self-weight prevails but in the second the success is due to low cost. Indeed the solution
A4 (wood-cement floor) has low structural performance both in terms of structural
weight and commissioning work; finally the traditional brick floor (A1) results with an
intermediate condition.

Moving to analyse the scenario II (Fig. 3b), again the EPS lightened floor appears
to be the best solution since it has the lowest value for the added parameters (Uf); the
second choice could be the hollow-core floor meanwhile the worst performance
competes to alternative A1 about equal to A4.

Finally, the results of proposed case study allow to remark that the adoption of several
possible scenarios for definition of the weights can determine a different preference
ranking for the alternatives. Thus, it is clear that decision makers can influence differ‐
ently the final outcome. In the initial phase of decision problem, the final goal and the
leading player of the builder process must be identified.
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a)

b)

Fig. 3. Results:(a) Scenario I; (b) Scenario II

7 Conclusions

The choice of the best solution for the building envelope components involves the
examination of multiple conflicting criteria and objectives, as shown also by the case
study of RC floor proposed in this paper. The application of a MCDM method requires
at least three complex steps: the definitions of the alternatives and evaluation criteria,
and then, the definition of a weighing system.

The application of the procedure to the case study allows to point out that the result
changes with decision maker interest. We can conclude that it does not exist the absolute
best solution for the building design, but there is a best solution in a particular design
context; if the context is clear the MCDM is a useful decision tool.

The findings of the research represented in this paper are expected to be significant
in further contributing to MCDM effectiveness in construction and private sectors. In
the future, this research could be extended to compare further multifunction technologies
as vertical components for the opaque and transparent building envelope, or to evaluate
the entire building design configurations.
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Abstract. The aim of the article is to describe the construction method and the
difficulties encountered for the execution of an exceptional and unique work
within the 3rd Bosphorus Bridge: the erection of the A-shaped towers. The
erection of the A-shaped towers was a highly challenging activity due to their
geometry and to the two different methods of construction: the slip forming
system and an automatic climbing formwork system.

Keywords: Towers’ leg � Slip-forming system � Automatic climbing system
Mix design � Geometry

1 3rd Bosphorus Bridge

The Northern Marmara Crossing Motorway Project includes the 3rd Bosphorus Bridge
(3BB), called Yavus Sultan Selim Bridge.

The 3BB is the widest suspension bridge in the world with a width of 59 m and it
has the highest A-shaped towers in the world, with a height of 322 m. The main-span
length is 1,408 m, while the total bridge length is 2,250 m.

Moreover, the 3BB is designed as a hybrid bridge with two cable-supporting
systems, stay-cables plus two suspension cables and hangers. In this unique project the
two cable systems are combined to create a highly rigid solution, called HRSB (Highly
Rigid Suspension Bridge). This provides several benefits but the construction phases
entail many difficulties. We can affirm that it is the world’s best highly-rigid suspension
bridge, symbol of modern Turkey (Fig. 1).
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2 Towers

As stated in the introduction, the 3rd Bosphorus Bridge is a hybrid bridge, therefore, the
bridge’s A-shaped towers are designed to support the loads transferred by both systems
of supporting cables.

The two main cables lay atop the towers, on the tower saddles, while the
stay-cables are anchored to specific anchor boxes installed into at the upper portion of
the legs (Fig. 2).

The A-shaped towers’ geometry, with two legs having a triangular cross-section,
provides enhanced stability. The distance between the two legs of each tower is greater
at the bottom level and becomes smaller as height increases. The deck is positioned at
one fifth of the total height of the towers, between the two legs.

Fig. 1. 3rd Bosphorus Bridge

Fig. 2. A-shaped tower
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2.1 Towers’ Material

The below table shows the towers’ concrete features: strength class, exposure class and
the concrete cover thickness (Table 1).

Towers’ reinforcement steel ratio equals 2%, and a high grade B500B steel has
been used.

2.2 Legs

The A-shaped towers’ legs have been designed with a triangular hollow cross-section,
in order to provide enhanced stability. At the bottom, the distance between the legs are
is of 70 m while, at tower’s top, the distance decreases up to 8 m.

The below image shows the fixed as well as the variable dimensions of each tower
leg throughout its extension (Fig. 3).

The thickness of concrete decreases as the leg’s height increases. At the bottom, the
thickness (ep) is of 1.5 m while at the top, concrete thickness is of 0.75 m.

Table 1. Concrete features

Designation Strenght class
(min.)

Exposure
class

Concrete
cover

Tower’s leg (splash zone, up to
30 m)

C50/60 XS3 XC4 50 mm

Tower’s leg and concrete
crossbeam

C50/60 XS1 XC4 40 mm

Fig. 3. Tower’s leg cross-section
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The walls’ inclination has two reference angles: 84° on the deck side and 96.75° for
the external side (Fig. 4).

2.3 Crossbeams

In order to further stiffen the whole tower structure, the legs are connected together at
three levels: at the deck level (60 m) by a highly pre-stressed concrete crossbeam and at
the top by two X-shaped steel bracings, at a height of +266 m and +301 m, respec-
tively. The two X-shaped bracings are lined up with large ‘butterfly-shaped’ steel
panels.

2.4 Diaphragms

Inner intermediate diaphragms are located at different levels in order to increase the
global stiffness and also to easily support locally applied forces originating from the
temporary struts installed during erection.

2.5 Temporary Struts

During the construction phases, between the to-wer’s legs, four temporary steel struts
have been installed with the purpose of increasing stability. They were installed
approximately every sixty meters, at +60 m, +112 m, +162 m and +208 m.

2.6 Stay-Cables’ Anchor Boxes

Stay-cables are anchored into the tower in a series of steel anchorage boxes, embedded
in the legs’ concrete structure. Each box provides anchorage to one pair of stay-cables,
therefore the horizontal action of the main-span cables are transferred to the end-span
cables inside the anchorage box (Fig. 5).

Fig. 4. Walls’ inclination
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3 Construction Method

The erection of the 3rd Bosphorus Bridge’s A-shaped towers was a very challenging
work.

Several difficulties have been encountered due to the legs’ complex geometry; as
described, the four tower legs are hollow, tapered and extremely tall. Moreover, also
the seasons’ temperature range had to be taken into consideration since it can exceed
30 °C.

With the purpose of reducing the duration of construction works, two different
construction methods have been adopted: the slip-forming system and an automatic
climbing system (ACS).

The sliding system allows having a high casting rate, but it was not possible to use
that system for the total height of the legs. At the anchor-boxes level there would be
interference between the slip-form and the stay-cable anchorage. Thus, from +208 m
on it was necessary to adopt the ACS erection method.

Fig. 5. Leg’s elements
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3.1 Slip-Forming System

The slip forming system is a continuous casting process where the concrete is poured
into a moving form-shutter.

The slip-form is a machine moved continuously by numerous hydraulic jacks and it
has three working platform levels: at the upper level (3) the reinforcement steel frame is
installed; at intermediate level (2) the concrete is poured into the form-shutter (1 m
high) and it is vibrated; at the lower level (1) the casts’ results are checked and the
repairs are carried out (Figs. 6, 7, 8 and 9).

Fig. 6. Slip-form cross section Fig. 7. Slip-form 3D view

Fig. 8. 3BB Slip-form photo Fig. 9. Slip-form section
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In the 3rd Bosphorus Bridge Project the slip-forming system has been used for the
towers’ legs erection, from the shaft level up to +208 m, the stay-cables’ anchor boxes
lower level.

The 3BB slip-forms have been designed in order to obtain tapered legs, following a
fixed casting angle. The system considers also the concrete thickness changing
according to the height, from 150 cm to 100 cm. The form-shutter is equipped with
numerous horizontal threaded bars, attached to the inner and outer yoke legs, turning
those bars the concrete thickness decreases. The threaded bars are operated in steps of
every one meter in height.

During the casting process, concrete is poured in layers of a thickness of 20–30 cm.
The form shutter is filled approximately every four hours, when the concrete is suffi-
ciently cured and depending upon the ambient conditions In order to obtain a high
casting rate, the slip-form system adopted for the 3rd Bosphorus Bridge project has
been arranged for the cold season (the period of expected execution of the works and it
has been equipped with heaters and protective tents. By this way, it was possible to cast
up to two meters in height per day, which is a very high casting rate.

The concrete is pumped from the shaft area by the use of stationary pumps. For
each leg two indepen-dent pipelines are installed, one pipeline is used just in case of the
blockage of the active one. The pipelines end in a hopper that uniformly distributes the
concrete into the form shutter.

The consistency of the poured concrete is controlled constantly. It is checked by the
insertion of a steel bar into the concrete: if the bar can not be pushed down by more
than 60 cm then it is considered that the lower concrete layer has reached the required
curing and the slip-form may be lifted so as to continue the casting process. Due to the
continuous advancement of the slip-forms, concrete was required to be carefully
controlled and monitored.

At erection start phase, it was decided to installan 18-meter-tall sliding-guide mast
into each hollow leg. The guide mast is supported by a rail system, fixed to the hard
concrete, and it is connected to the slip-form by a horizontally controllable joint sys-
tem, which gives the possibility to adjust the slip-form position (Fig. 10).

Fig. 10. Guide mast
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3.2 Automatic Climbing System

The Automatic climbing system (ACS) is a casting process that makes use of a
hydraulically operated self-climbing formwork. The formwork is lifted and installed at
a higher level once the poured concrete has reached the desired curing grade.

In the 3rd Bosphorus Bridge Project, the ACS is used for the erection of towers’
legs from +208 m up to +305 m, along the anchor boxes zone. Just like the slip-forms,
the ACS has been designed in order to obtain tapered legs, following a fixed casting
angle and, in addition, the possibility to host the anchor boxes’ form-tube.

The ACS is organized in six levels: at the upper levels (6 and 5) the reinforcement
steel frame is installed; at the intermediate levels (4 and 3) the concrete is poured into
the 4.6 m high formwork and it is vibrated; at the lower level (2 and 1) the casts’ results
are checked and the repairs are carried out. The ACS is anchored to the leg by means of
the climbing cones; those elements are removed during erection from the lower levels
to the upper levels of the ACS (Figs. 11, 12 and 13).

Whenever the formwork has to be raised at a new level, the ACS structure is
divided in five modules and then lifted up separately by the use of indepen-dent
hydraulic cylinders. At the new casting level, the modules are connected and the
distance between the formwork is adjusted. The concrete thickness decreases - from
100 cm to 75 cm - as height increases.

With the ACS method, one casting cycle takes five days; hence the casting rate is
much lower than the slip-form system. Notwithstanding the low casting rate, the ACS
method doesn’t present specific problems related to the construction method, thus it can
assure good quality results.

Fig. 11. ACS
section

Fig. 12. 3BB ACS photo Fig. 13. ACS’s modules
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4 Difficulties and Solutions

During the erection of towers’ legs, some optimizations of the process were required. In
this paper, we focused our attention on the issues concerning the mix design and the
complex legs’ geometry. These optimizations where needed especially during the use
of the slip-forming system.

4.1 Mix Design

The towers’ specifications require a concrete mix design that provides a strength class
C50/60, in accordance to the TS EN 1992-1-1. Design requirements are set forth here
below:

• Minimum binder content: 300–400 kg/m3;
• Water/binder ratio: 0.33–0.43;
• Size of coarse aggregates: from 4.75 mm to 25 mm;
• The binder combination shall be OPC/GGBS with high slag content 36–80%.
• Silica fume < 8% of binder content
• Average chloride diffusion coefficient Dcl� (28 days) � 3.0 � 10–12 m2/s.

Consequently, the towers’ mix design has been studied in accordance with the
above requirements. A particular attention has been drawn to concrete pumpability: due
to the extraordinary height to be reached, class S4 turned out to be necessary.

As a result, a mix was designed as set forth in the following tables (Table 2).

Before starting the erection of the legs by means of the slip-forms, a small mock-up
has been set on site with the intention of controlling the concrete-formwork interaction,
verifying the concrete curing period and consequently the casting rate. The first results

Table 2. Concrete mix design

Mix design Weight (kg/m3) Absolute volume (dm3/m3)

Air 25
Water 138 138
Cement (CEM I 42,5 R) 135 43
GGBS 265 93
Micro-Silica 0 0
Fly-Ash 0 0
FA 1 (natural sand) 495 187
FA 2 (crushed sand) 374 139
CA 1 (10 mm) 431 159
CA 1 (22 mm) 562 208
Admixture (Optima 100) 6,400 5,565
Admixture (Air + retarder) 1,800 1,667
Tot (kg/m3) 2407,2
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obtained were not positive: the concrete surface was affected by clear signs of tears,
large horizontal cracks and bad surface appearance with holes and big porosities.

When the slip-form panel (form-shutter) slides on a fresh concrete surface, the
friction between the moving panel and the concrete increases. Therefore, if the concrete
is too sticky, it tends to remain stuck to the panel thus creating evident tears on its
surface (Fig. 14).

So, a change in concrete composition turned out to be necessary. The main
intention of the analysis was to identify the parameters affecting friction, and conse-
quently determine the slip-form lifting force.

There are several parameters influencing the concrete interaction with the
form-shutter. It may be asserted that the amount of the fines is directly related to
concrete cohesion and adhesion. Natural round aggregates require less lifting force and
the increasing amount of sand reduces friction forces.

As a result of the study, a new concrete mixture was designed as shown in the
below table (Table 3).

In addition, in order to minimize friction between the formwork and the concrete, it
has been decided to cover the slip-form panel before each cast with a ‘lubricant’ layer.
This layer, made of cement slurry mixed with fine sand, provides low shear strength.

At the end, all the mock-up tests with the adjusted concrete mix design gave
positive result.

By comparing the two mix designs it may be observed that water and cement
weight increased significantly, by 15% and 61%, respectively. Furthermore, also the
content of crushed sand and small coarse aggregates (10 mm) increased, by 7% and
23%, respectively, in spite of other coarse aggregates and natural sand. Moreover, it has
been established that admixtures with retarding agent were not needed.

The above changes permitted to increase concrete workability and, therefore, to
decrease the concrete stickiness and the friction between the form-shutter and the
concrete. Consequently the overall defectiveness level was acceptable.

Fig. 14. Moke-up: superficial concrete tear
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Furthermore, the compressive tests on the core samples showed excellent results.
The results showed a very high strength of the material, concrete being classified in
class C57/70, a class higher than the designed one’s.

During the start phase, also the repair method for the surface defects was defined:

• Below 0.2 mm: no repairs
• From 0.2 mm to 1 mm: epoxy resin injection
• From 1 mm to 6 mm: V cut and grouting
• Above 6 mm: chipping and grouting

The material used for repairs is a non-shrinking concrete mix with small-size
aggregates (10 mm max) and charged with textile fibres.

4.2 Geometry Control

A constant monitoring of the towers’ geometry was carried out during the whole
erection phases. For each leg four aiming points have been taken in consideration, for
both the erection systems (Fig. 15).

Table 3. Modified concrete mix design

Mix design (modified) Weight (kg/m3) Absolute volume (dm3/m3)

Air 25
Water 159 159
Cement (CEM I 42,5 R) 217 69
GGBS 217 76
Micro-Silica 0 0
Fly-Ash 0 0
FA 1 (natural sand) 410 155
FA 2 (crushed sand) 402 149
CA 1 (10 mm) 529 196
CA 1 (22 mm) 475 176
Admixture (Optima 100) 5,200 4,529
Admixture (Air + retarder) 0 0
Tot (kg/m3) 2414,2

Fig. 15. Aiming points
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All the survey activities have been carried out in early morning, before sunrise, in
order to minimize the effects of heat deformation.

The 3BB survey activities have been carried out by 4 teams, 2 teams based on the
European side and 2 teams based on the Asian side, the teams placed the survey
instruments in the locations shown in the above scheme.

At the beginning stage, the geometry control was showing bad results. Up to the
first 30 m the geometry was out of the imposed tolerances, reaching a mismatch value
of almost 200 mm from the target value. Therefore corrective actions became
necessary.

It has been decided to install an 18-meter-tall guide mast equipped with a hori-
zontally controllable joint system and perform, during erection, slight adjustments of
the slip-form position. Furthermore, it has been decided to limit the geometry error
within a range of 50 mm between the target value and surveyed one.

When the geometry control exceeded the admissible range, the form-shutter posi-
tion or the formwork position had to be adjusted by operating on the mast’s horizontal
joint system before continuing the casting process. The fixed tolerance has been
restored within the range of 50 mm.

The following chart shows the transversal error monitored during the Europe-North
leg erection when using the slip-forming system (Fig. 16).

The straight lines identify the envelope of the maximum/minimum transversal
error, while the two lines into the envelop report the maximum/minimum transversal
error of the whole section, along the leg height. Thanks to the corrective actions, from
30 m in height, the precision has been significantly improved reaching good results till
+208 m.

The bridge’s overall structural behaviour has been re-verified after completion
considering the geometry gaps with respect to target values. This study confirmed that
the current geometrical error has no influence on the bridge’s global behaviour
(Fig. 17).

During the slip-forming erection phase, thanks to the constant geometry monitor-
ing, an additional problem became apparent: the legs’ torsion.

This problem arises due to the complex legs’ geometry and especially due to the
legs’ inclination. During the lifting of the form-shutter actions were generated causing
the cross-section to rotate around its own axis.

Generally the section rotation can be prevented by the installation of a truss con-
necting the slip-forms, but due to the great distance between the two legs (70 m at the
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shaft level) it wasn’t technically possible. Therefore, the guide mast resulted useful also
to mitigate the slip-form rotation.

At the beginning stage, when the guide mast wasn’t installed yet, the slip-form
rotation affected the thickness of the concrete cover. 40 mm is the minimum measured
value and since it is lower than the minimum value for the splash zone (50 mm), it has

Fig. 16. Geometry control measurements

Fig. 17. Geometrical control and legs’ precamber
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been requested to verify whether that thickness could guarantee a long durability and
appropriate protection from carbonation and chloride diffusion. The tests reported
positive results.

5 Conclusions

At the beginning construction phase, several difficulties and quality-related problems
became apparent from the moke-up test results.

Hence, proper full scale tests had to be carried out well in advance, with the
purpose of verifying and determining all the parameters before the beginning of the
works. Changes in mix design and optimisation during the construction phases rep-
resent a very critical aspect, due to their long development and long verification time.

In term of time of execution, the use of the slip-form system for this specific project
turned out to be not effective, considering also the need of changing the formwork
system at 208 m.

Taking in account the towers’ construction timeline, it may be affirmed that if the
ACS had been adopted since the beginning, the towers’ construction duration would
have been similar, may be slightly faster.

The below chart shows the comparison between the actual case (continuous line)
and the assumption in which only the automatic climbing system is used (dashed line)
(Fig. 18).

However, we can assert that the erection of the four legs took a short time, just 17
months, despite all the optimisations needed. Undoubtedly, it was one of the most
challenging activities within the construction of the 3rd Bosphorus Bridge (Figs. 19, 20
and 21).

Fig. 18. Actual timeline vs. ACS assumption
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Abstract. Nonlinear Finite Element Analysis (NLFEA) of the inelastic behav‐
iour of RC walls are often carried out for uni-directional (in-plane) horizontal
cyclic loading. In this paper the behaviour of RC walls with different cross-
sections (T-shaped and U-shaped) subjected to bi-directional (in-plane and out-
of-plane) loading is simulated by means of NLFEA. They are carried out with the
software DIANA, using curved shell elements and a total strain crack model for
concrete and embedded truss elements adopting Monti-Nuti model for the rein‐
forcement. The aim of this paper is to validate this type of analysis by comparing
the obtained results with experimental outcomes of two different RC slender
walls, a T-shaped wall and a U-shaped wall, tested under quasi-static bidirectional
cyclic load. In particular, the focus is on the comparison between different crack
models (Fixed and Rotating crack models) and on the calibration of the Monti-
Nuti model parameters for steel. NLFEA is found to acceptably simulate both the
in-plane and out-of-plane behaviour observed during the experimental tests. The
present work is the starting point for future research in which parametric studies
on the influence of reinforcement content and detailing will be performed,
assessing their influence on the bidirectional response of RC walls and namely
on other less known deformation modes such as out-of-plane instability.

Keywords: Reinforced concrete walls · Thin walls · Out-of-plane instability
Nonlinear finite element analysis · Cyclic load

1 Introduction

Reinforced concrete (RC) walls are commonly used as the primary lateral force-resisting
system for medium to high-rise buildings. Nevertheless, despite many years of research
and subsequent evolution of code provisions, several RC walls still underperform when
subjected to seismic actions, as demonstrated by the recent earthquakes in Chile
(February 2010) and New Zealand (February 2011).

The observation of the damage occurred in these later seismic events (Wallace
2012) highlighted that many walls, in their failed configuration, were characterized by
large out-of-plane displacements. The failure of these structural walls was hence caused
or highly influenced by the out-of-plane buckling (also defined as out-of-plane
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instability), which is triggered in the end region of the wall. It is noted that this defor‐
mation mode may be the result of the application of pure in-plane cyclic loading, see
Fig. 1.

Fig. 1. Out-of-plane buckling of walls after 2010 Chile earthquake (Wallace 2012)

These seeming faults in the design of structural walls are emphasized also by analy‐
sing international code provisions. Indeed, the majority of standards treats the out-of-
plane instability in a simplified way by imposing limits on the height to thickness ratio
of the wall. Only the New Zealand code includes more sophisticated models based on
the studies by Goodsir, Paulay and Priestley (Goodsir 1985; Paulay and Priestley 1993).

Prior to the Chile and New Zealand earthquakes this failure mechanism had only
been observed in laboratory tests (Oesterle 1979; Vallenas et al. 1979; Thomsen IV and
Wallace 2004). In the recent years the research on this topic has been continued by
joining experimental test campaigns with advanced nonlinear finite element analysis
(NLFEA).

NLFEA are a widely validated numerical tool to simulate the behavior of RC walls,
both considering pushover (Belletti et al. 2013; Damoni et al. 2014) and cyclic analyses
(Belletti et al. 2016a, b). Recently, this numerical tool was also applied to the study of
out-of-plane instability. In particular, Dashti et al. (2014) and Dashti et al. (2015) studied
by means of NLFEA the behavior of rectangular RC walls subjected to uni-directional
(in-plane) horizontal cyclic loading.

The present paper focus on the behavior of walls subjected to bidirectional (in-plane
and out-of-plane) horizontal loading, addressing in particular the influence of out-of-
plane instability that can occur for thin members.

For this purpose, the experimental response of two test units was compared with the
results of NLFEA. The latter are carried out using two different crack models, a “Fixed
crack model” and a “Rotating crack model”, in order to highlight the differences between
them.
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2 NLFE Model Description

The analyses herein shown were performed with DIANA 10 (Manie 2015). According
to (Belletti et al. 2014), concrete was modelled using 4 nodes curved shell elements
(named Q20SH in DIANA) with 4 Gauss integration points over the element area and
5 Simpson integration points over the element thickness. Reinforcing bars were
modelled using embedded reinforcement considering perfect bond between reinforce‐
ment and concrete. Each bar element is characterized by 2 Gauss integration points along
the truss axis.

2.1 Concrete Model

The Total Strain Crack Model, available in DIANA (Manie 2015), was used to model
the concrete behaviour. Moreover, two different approaches were analysed in this paper:
the “Fixed crack model” approach and the “Rotating crack model” approach.

For concrete in tension an exponential behaviour based on the definition of the frac‐
ture energy in tension, GF, and of the crack bandwidth, h, have been adopted. GF was
calculated according to the proposal in fib-Model Code 2010 while h was assumed equal
to the square root of the area of each element, as suggested by Guidelines for Non-linear
Finite Element Analyses (2012).

For concrete in compression two different stress-strain relationships were used. The
behaviour of unconfined concrete has been modelled with a parabolic relationship,
according to (Feenstra 1993), based on the definition of the crack bandwidth, h, and of
the fracture energy in compression, GC, assumed equal to 250 times GF (Nakamura and
Higai 2001). The confinement effect due to the presence of stirrups in the boundary
elements of some of the analysed walls was taken into account adopting the model
proposed by Mander et al. (1988), as shown in Fig. 2.

Fig. 2. Constitutive model adopted for confined and unconfined concrete

The reduction of the compressive strength of concrete, due to tensile strains perpen‐
dicular to the principal compressive direction, was taken into account according to
Vecchio and Collins (1993). These authors fix the lower bound of this reduction curve
in 0.6.

For what regards the fixed crack model, due to the fact that after cracking the refer‐
ence coordinate system is fixed and determined by the crack direction, shear stresses
and strains developed along the crack. In this paper the shear stiffness after cracking is
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reduced using a constant shear retention factor, equal to 0.03, that multiplies the elastic
shear modulus of concrete.

2.2 Steel Model

The cyclic behaviour of steel was considered using the Monti-Nuti model (Monti and
Nuti 1992) available in DIANA, Fig. 3.

Fig. 3. Monti-Nuti model adopted for steel modeling

The model proposed by Monti and Nuti is expressed in terms of a dimensionless
stress σ* and strain ε*. The curvature parameter R is a function of the initial curvature

R0, of the maximum plastic excursion developed 𝜁max
p  and of two material parameters

a1 and a2. In order to investigate the influence of these parameters on the stress-strain
relationship a preliminary parametric study was carried out.

The parametric study was based on the experimental campaign carried out on ϕ12
bars tested at the ETH Zurich by Thiele et al. (2001), Fig. 4.

Fig. 4. Reference experimental campaign for parametric study on Monti-Nuti parameters: (a)
experimental set-up, (b) experimental results (Thiele et al. 2001)

The reference parameters, according to Fragiadakis et al. (2007), were set equal to
R0 = 20, a1 = 18.45 and a2 = 0.15. In the following the results obtained by changing
the parameter R0 (Fig. 5-a), the parameter a1 (Fig. 5-b), and the parameter a2 (Fig. 5-c)
are reported.

From Fig. 5-a it can be seen that the increasing of the parameter R0 leads to an
increasing of the curvature of the stress-strain relationship, even if the scatter in NLFEA
results is rather small and all the curves obtained by means of NLFEA do not quite match
the experimental results.
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The results reported in Fig. 5-b highlight how increasing the a1 parameter the curva‐
ture decrease. Also in this case the scatter between the experimental and the NLFEA
results is relatively large for all the different values of the a1 parameter.

Finally, the curves reported in Fig. 5-c shown that the slope of the stress-strain rela‐
tionship strongly depends on the a2 parameter. In particular assuming a2 = 0.001 the
NLFEA curve fits well the experimental results. For this reason, the following final set
of parameters (R0 = 20, a1 = 18.45 and a2 = 0.001) will be used for the analyses of the
walls.
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Fig. 5. Parametric studies on Monti-Nuti model: (a) influence of R0, (b) influence of a1, (c)
influence of a2
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3 Case Studies

Two different case studies were analysed in this paper: a thin T-shaped RC wall, TW4
(Rosso et al. 2015), and a U-shaped RC wall, TUC (Constantin and Beyer 2016).

3.1 TW4

3.1.1 Experimental Set-up
TW4 is a T-shaped RC wall that was tested at EPFL (Rosso et al. 2015). TW4 is a 2:3
scale wall subjected to a combination of in-plane and out-of-plane quasi-static cyclic
loading. The wall was 2000 mm tall, 80 mm thick and 2700 mm long. At the north end
(see Fig. 6) the wall presented a flange 80 mm thick and 440 mm long. The foundation
was 3600 mm long, 700 mm thick and 400 mm tall, while the top RC beam was 3160 mm
long, 440 mm thick and 420 mm tall, Fig. 6.

Fig. 6. Geometrical characterization and detailing of TW4 wall (measure in cm)

Figure 6 also reports the reinforcement details, which follow current design practices
in Colombia. According to these detailing practices the reinforcement consisted of a
single layer of grid reinforcement, characterized by a slight eccentricity with respect to
the centerline of the section. The detail of the eccentricity of the rebar layer is shown in
Fig. 7.

Fig. 7. Detail of the eccentricity of the single layer of reinforcement for specimen TW4 (measure
in mm)
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The longitudinal reinforcement is characterized by ϕ6 bars spaced of 240 mm,
moreover both the extremities of the wall (the so-called boundary elements) were over
reinforced with 3 longitudinal rebars of 16 mm. The transversal reinforcement is char‐
acterized by ϕ6 bars spaced of 200 mm.

During the test the axial load ratio was maintained constant and equal to 5% (equiv‐
alent to an applied constant axial force of 330 kN).

The test unit was subjected to horizontal bi-directional loading (in-plane and out-of-
plane). The in-plane load was applied with a shear span of 10 m, achieved by coupling
an horizontal actuator to impose the in-plane loading and two vertical actuators, acting
on the wall ends, to impose the required bending moment. Two additional horizontal
actuators were connected to the top beam to impose the horizontal out-of-plane displace‐
ment. The applied loading history is reported in Fig. 8.

Fig. 8. Loading history applied for test unit TW4 (Rosso et al. 2015).

The material properties, derived from material tests, as well as the model parameters,
for both concrete and steel are listed in Table 1.

Table 1. Main mechanical properties derived from material tests and model parameters for test
unit TW4

From material tests Calculated and used for NLFEA
fv

[Mpa]
fu

[Mpa]
Es

[Gpa]
b [-] R0 [-] a1 [-] a2 [-]

STEEL ϕ6 460 625 183.5 0.009 20 18.45 0.001
STEEL ϕ16 565 650 208.1 0.005 20 18.45 0.001

fc

[Mpa]
Ec

[Gpa]
fct

[Mpa]
GF

[N/mm]
Gc

[N/mm]
shear retention factor [-]

CONCRETE 31.2 29.2 1.46 0.1356 33.9 0.03
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3.1.2 NLFE Model
A sketch of the model used for NLFEA is depicted in Fig. 9.

Foundation

Wall

Top beam

Steel frame:
used to obtain a shear
span of 10m 

Imposed out-of-plane
displacement

displacement
Imposed in-plane

Fig. 9. TW4, NLFE model

The foundation and the top beam were modelled with concrete adopting an elastic
behaviour while the wall was modelled with nonlinear behaviour for concrete and steel,
according to the stress-strain relationships shown in Fig. 10, which are computed with
the material properties listed in Table 1.
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Fig. 10. TW4, constitutive models for (a) concrete and (b) steel

The steel frame indicated in Fig. 9 was adopted in the NLFE to simulate the applied
experimental shear span of 10 m. This frame is obtained using 2-node beam elements,
with 2 Gauss integration points along the beam axis each, connected to the upper part
of the top RC beam with a hinged connection. The legitimacy of this frame modelling
approach was validated by verifying the ratio between shear and bending moment at the
base of the wall.

3.1.3 NLFE Results
Figure 11 describes the comparison between experimental results and NLFEA results
for both “Fixed crack model” and “Rotating crack model” in terms of in-plane force vs
displacement response. The points in which NLFEA reached the crushing of concrete
are also signaled. Crushing of concrete is attained when the compressive strain of
concrete reaches the ultimate value, εcu, Fig. 10-a.
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Fig. 11. TW4, in-plane force vs displacement response: comparison between experimental and
NLFEA results

The results reported in Fig. 11 show that both the “Fixed crack model” and the
“Rotating crack model” are able to predict the experimental response. Moreover, the
“Rotating crack model” failed at LS42 (corresponding to −0.5% in-plane drift) as a result
of the crushing of concrete at the base of the boundary element (Fig. 12-a), while the
“Fixed crack model” failed at LS58 (corresponding to −0.75% in-plane drift) as a result of
crushing of concrete triggered by damage induced by out-of-plane deformations (Fig. 12-
c), which is the same failure mode that was experimentally observed (Fig. 12-b).

Experimental
LS 58

NLFEA - Fixed
LS 58

NLFEA - Rotating
LS 42

(a) (b) (c)

crushing crushing

Fig. 12. TW4, failure modes: (a) NLFEA Rotating crack model, (b) Experimentally observed,
and (c) NLFEA Fixed crack model (the contour in NLFEA results represent the compressive
strain)

This fact can be explained considering that for the “Rotating crack model” the stress-
strain relationship is evaluated in the principal direction also upon cracking, while for
the “Fixed crack model” the reference system in which the stress-strain relationship is
evaluated remains fixed upon cracking and thus a shear strain occurs that leads to the
reduction of the compressive strain.

In order to highlight this a further analysis was carried out using the “Rotating crack
model” by increasing the fracture energy in compression, GC, from 250 times GF (33.9 N/
mm) to 500 times GF (67.8 N/mm), where GF represents the fracture energy in tension.
The results are reported in Fig. 13.
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Fig. 13. TW4, influence of fracture energy in compression on “Rotating crack model”

Figure 13 shows that by increasing the fracture energy in compression the results
obtained using the “Rotating crack model” are quite similar to the results obtained using
the “Fixed crack model” and also the experimental results. Assuming the fracture energy
in compression equal to 500 times GF, failure occurs at LS58 (corresponding to −0.75%
in-plane drift) due to the crushing of concrete in the compressive edge of the wall, which
is in accordance with the experimental outcomes.

The mechanism of out-of-plane instability, as analytically described by Goodsir
(1985) and experimentally confirmed by Rosso et al. (2015), occurred after the devel‐
opment of large tensile strains in the boundary element; due to the cyclic load applied,
when the boundary element is reloaded in compression and before cracks close, the
compression force is supported only by the vertical reinforcement potentially leading to
out-of-plane instability. For this reason, the comparison between NLFEA and experi‐
mental results is extended to the evaluation of the out-of-plane displacement along the
height of the wall in two different significant load steps, namely LS38 and LS47-48
when the load is applied from the flange to the free edge of the wall and in correspond‐
ence of an in-plane drift of 0 mm, when the out-of-plane was maximum.

The results reported in Fig. 14 are obtained using for the “Fixed crack model”
GC = 250·GF (33.9 N/mm) and for the “Rotating crack model” GC = 500·GF (67.8 N/
mm).
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Fig. 14. TW4, out-of-plane displacement along the height of the wall: (a) LS38 and (b) LS47-48
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From Fig. 14 it can be noted that both the “Fixed crack model” and the “Rotating
crack model” are able to satisfactorily simulate the overall out-of-plane behaviour of
the wall even if for the “Fixed crack model” the maximum out-of-plane displacement
was detected at a lower height when compared with the experimental results and the
“Rotating crack model” results.

3.2 TUC

3.2.1 Experimental Set-up
TUC is a U-shaped RC wall tested at EPFL (Constantin and Beyer 2016) and represents
an half-scale model of the lower two stories of a prototype elevator shaft, Fig. 15.

Fig. 15. Geometrical characterization and detailing of TUC wall (Constantin and Beyer 2016)

The transversal reinforcement is characterized by stirrups with a diameter of 6 mm
spaced of 125 mm. Moreover, the extremities of the flanges, defined later as boundary
elements, and the corners between the web and the flanges, are over reinforced with
additional stirrups with a diameter of 6 mm spaced of 50 mm.

The longitudinal reinforcement was set different for the two flanges. One flange was
detailed with vertical reinforcement mainly concentrated in the boundary elements while
in the other flange and in the web the vertical reinforcement was uniformly distributed.
The total reinforcement percentage for the flanges is approximatively the same, as listed
in Table 2.

Table 2. TUC, vertical reinforcement percentage

ρv totala ρv conf. ρv unconf.

Flange with distributed reinf. (East) 1.06% 1.34% 0.91%
Flange with concentrated reinf. (West) 1.01% 2.45% 0.31%
Web 1.16% 1.25/0.9%b 1.00%
Entire wall 1.09% – –

aρv was computed by counting the corners towards the web.
bdue to differences in flange reinforcement layouts reinforcement contents of confined corner regions
differ slightly between the two corners.

During the test the specimen was subjected to an axial load ratio of 0.06 (equivalent
to an axial force of 806 kN).
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The horizontal load is applied by means of three actuators: the EW actuator loaded
the web at a height of hEW = 3.35 m while the NS actuators loaded the flanges at a height
of hNS = 2.95 m.

As the key objective of the experimental investigation was to understand the behav‐
iour of the wall under diagonal loading, the main cycles were applied along the two
diagonals. The detail of the applied loading history is reported in Fig. 16 with the
definition of the loading directions adopted.

D F

E

G

H

B

C

A

Fig. 16. TUC, loading history (Constantin and Beyer 2016)

The material properties and model parameters for both concrete and steel are listed
in Table 3.

Table 3. TUC, material properties

From material tests Calculated and used for NLFEA
fv

[Mpa]
fu

[Mpa]
Es

[Gpa]
b [-] R0 [-] a1 [-] a2 [-]

STEEL ϕ6 462 623 200 0.009 20 18.45 0.001
STEEL ϕ8 563 663 200 0.007 20 18.45 0.001
STEEL ϕ12 529 633 200 0.006 20 18.45 0.001

fc

[Mpa]
Ec

[Gpa]
fct

[Mpa]
fc,conf

[Mpa]
GF

[N/mm]
GC

[N/mm]
shear retention [-]

CONCRETE 42 31.6 3.2 50.7 0.14 35 0.03

3.2.2 NLFE Model
The model used for the NLFEA is represented in Fig. 17. Three different regions are
considered in the model: the upper collar, made of elastic material, the confined concrete,
in the zones characterized by the presence of additional stirrups, and the unconfined
concrete, in the remaining zones. The influence of the foundation is neglected and hence
the model restraints are located at the base nodes of the wall.
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Wall:
unconfined concrete

Wall:
confined concrete

Upper collar
Imposed horizontal
displacement

NS-W actuator

NS-E actuator

actuatorEW 

Fig. 17. TUC, sketch of NLFE model

The constitutive relationships adopted in NLFEA are based on the model parameters
listed in Table 3.

They were defined following the formulations proposed above in Sect. 2 and are
illustrated in Fig. 18.
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3.2.3 NLFE Results
Figures 19 and 20 describe the comparison between experimental results and NLFEA
results for both “Fixed crack model” and “Rotating crack model” in terms of SRSS force
vs displacement response when load is applied along the E-F diagonal and H-G diagonal
respectively; the points in which the NLFEA failed due to crushing of compressive
concrete are also indicated. The SRSS values were multiplied by the sign of the NS
displacement for plotting the hysteresis loop consistently.
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The results plotted in Figs. 19 and 20 show that in both directions the “Fixed crack
model” failed before the “Rotating crack model”, which is opposite to what had been
observed for the previous test unit TW4. In particular, from Fig. 19 the “Fixed crack
model” reached concrete crushing in the unconfined zone of the East flange at LS87
(δ = 2%) while the “Rotating crack model” reached the crushing of concrete at LS100
(δ = 2.5%). The same remark can be done analysing the specimen loaded along the
diagonal H-G, Fig. 20. This fact can be explained considering that for the “Rotating
crack model” the compressive strain in the flanges are mainly concentrated in the
confined zone while, for the “Fixed crack model”, the shear behaviour defined once the
first cracking is formed tend to distribute the compressive strain along the whole flange.

In Fig. 21 the vertical strains on the inner and outer side of the flange ends, along
the height of the wall, are investigated. These vertical strains, obtained for diagonal
loading at drift of 1%, were derived from NLFEA and compared with experimental
outcomes.

Figure 21 shows that both the “Rotating crack model” and the “Fixed crack model”
are in good agreement with the experimental results. In particular, from Fig. 21 it can
be observed that when the flange ends are in compression (Pos. E and Pos. H) the
compressive strains at the base of the wall on the outer face are ~2 times larger than on
the inner face, Fig. 21-a and c. On the other end, when the flange ends are in tension
(Pos. F and Pos. G) the tensile strains in the outer face ends are close to the tensile trains
in the inner face ends, Fig. 21-b and d. The good agreement obtained comparing NLFEA
and experimental results in terms of vertical strains in the inner and outer sides of the
flange is encouraging for the application of the current model in future parametric
studies. Note that the large strain gradient under diagonal loading, exhibited when the
flange ends are in compression, promotes the occurrence of local out-of-plane buckling
of the wall, which was observed in the experimental test.
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4 Conclusions

In this paper the bidirectional response of reinforced concrete walls was investigated by
means of NLFEA (nonlinear finite element analyses). The need for this research arises
from the observed lack of numerical and experimental studies on this topic. The inter‐
action of bidirectional loading with out-of-plane instability modes of thin walls was also
considered.

The results demonstrate that NLFEA using curved shell elements and appropriately
calibrated material constitutive models are able to predict not only the global behaviour
of RC walls but also their local response. It thus seems logical to use this advanced
numerical tool to further study wall configurations that are able to optimize the response
under bidirectional loading. In particular, the influence of the content and detailing of
longitudinal reinforcing bars, the confining effect due to the increase of stirrups, and the
width of confined zone in the boundary elements should be addressed. The analyses of
different boundary and loading conditions and the evaluation of the effect of slabs and
torsional loading will also be carried out.
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Abstract. The punching shear resistance formulation provided by Model Code
2010 is calibrated on the basis of experimental tests on isolated slabs supported
on columns. According to Level of Approximation approach, several quantities
are required for the design punching shear resistance assessment, like the
resisting moment and the radius of the line of moment contraflexure. In this
paper specific formulations are provided to adjust these quantities in order to
take into account for moment redistribution and compressive membrane action
effects. The punching shear resistance, mostly investigated for axisymmetric
cases, in terms of loading and boundary conditions, will be analysed referring to
actual rectangular RC continuous floors with orthogonal reinforcement layouts,
largely adopted in practice. The results of nonlinear finite element analyses,
carried out using PARC_CL crack model, are post-processed according to the
Critical Shear Crack Theory to predict the punching shear strength of the
continuous slab.

Keywords: Shear � Punching shear � Concrete slabs
Critical Shear Crack Theory

1 Introduction

Conventional design methods provide punching shear resistance of flat slabs according
to empirical formulas based on datasets including isolated, circular or octagonal
specimens. This setup means to model the slab region inside the line of moment
contraflexure rs (approximately 0.22L from the column axis where L is the span
between adjacent columns). These testing procedures are, generally, quite straight-
forward even though they are not able to simulate redistribution phenomena occurring
between hogging and sagging moment as well as compressive membrane effects.
Hence, shear and punching resistance predictions may not consider several relevant
aspects of the actual structural behaviour, namely, forces redistributions or
non-axisymmetric situations typical of actual design cases. In addition, boundary
conditions govern the distribution of shear forces ranging from parallel development
for linearly supported slabs to radial development for slabs supported on columns,
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Fig. 1a. These main aspects may greatly influence the overall behavior of reinforced
concrete slabs, structural solution commonly adopted in practice, Muttoni et al. (2013),
MC2010, triggering possible inaccurate design predictions. Accordingly, the next
sections will present new strategies for the modelling of RC floors taking into account
the governing mechanisms and their contribution on the global response of these
structural members commonly used for practical purposes, Fig. 1b–c. The approach of
the Critical Shear Crack Theory (CSCT), Muttoni (2008) coupled with PARC_CL
Crack Model, Belletti et al. (2013), (2015), will be adopted, performing Nonlinear
Finite Element Analyses (NLFEA). The investigation of redistribution effects and
membrane forces will be analysed by means of a multi-span test in the literature,
carried out by Ladner et al. (1977) at EMPA.

Afterwards, a parametric analysis will be performed in order to study the influence
of several parameters on the punching strength of continuous slabs, namely, the
hogging reinforcement ratio, the geometry of the specimen, contribution of sagging
moment on the change of hogging moment area, Choi and Kim (2012), Hewitt and
Batchelor (1975).

2 Mechanical Model Based on the Critical Shear Crack
Theory and Multi-layered Numerical Modelling According
to PARC_CL Crack Model

Experimental outcomes and theoretical considerations have shown how the punching
shear capacity depends on the flexural state of deformations of the concrete member.
Based on these assumptions, Muttoni (2008) and Fernandez et al. (2009), presented a
theory that allows determining the punching shear strength VR of two-way slabs as a
function of the opening and roughness of a critical shear crack developing in the
specimen. For two-way slabs, the punching shear strength VR is correlated to the

Fig. 1. (a) Shear fields for a continuous slab supported on 16 columns, Ladner et al. (1977)
(b) Effect of the tension ring in the hogging moment area due to dilation of cracked concrete
(c) Moment redistribution between hogging and sagging moment in a continuous slab
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opening of a critical shear crack and proportional to the product between the rotation w
and the effective depth of the member d, Fig. 3a–b. In particular, the punching strength
is checked in the control perimeter at the control section, located at 0.5d from the point
of maximum moment. Based on these hypotheses, the following failure criterion was
proposed:

VR ¼ 0:75b0d
ffiffiffiffi

fc
p

1þ 15 wd
16þdg

MPa; mm ð1Þ

where fc is the concrete compressive strength and dg the maximum aggregate size.

In order to take into account mechanical nonlinearities as well as shear and moment
redistributions, multi-layered shell analyses can be performed achieving a suitable
load-displacement relationship for concrete members. The constitutive model
PARC_CL, Belletti et al. (2013), (2015), aimed at analysing the overall behaviour of
reinforced concrete members subjected to plane stresses up to failure, Fig. 2a–b. This
numerical model is based on a fixed crack approach and smeared reinforcement
assumption. Regarding concrete and reinforcement mechanical behaviours, multiaxial
state of stress and aggregate interlocking are considered as well as doweling action and
tension stiffening contributions.

3 Experimental Campaign Under Investigation, Ladner et al.
(1977)

The experimental programme consisted of several tests carried out on a reinforced con-
crete continuous slab 7.2 m � 7.2 m, with regular span of 2.4 m and supported on 16
columns of different sizes ranging from 100 mm to 320 mm (an inner column, two edge
columns and a corner column for each size), Fig. 3. The nominal thickness of the slab was
110 mm with a constant effective depth d = 80 mm. The tested slab has been modelled

Fig. 2. (a) Shell modeling based on plane stress approach, Belletti et al. (2013) (b) Punching
strength acc. Muttoni (2008) (c) Punching shear resistance evaluation
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with multi-layered 8 nodes shell elements. Columns are simulated considering two dif-
ferent assumptions regarding boundary conditions at the supports. Thefirst case considers
spring elements working both in tension and compression according to stiffnesses eval-
uated from the test setup, Ladner et al. (1977), (providing VNLFEA, CT NLFEA punching
shear resistance). As regards the second case, no stiffness in tension was provided at the
columns (providing VNLFEA, NTNLFEA punching shear resistance). Figure 4a shows the
punching strengths obtained according to the approach explained above. With respect to
the type of the column, different control perimeters and eccentricity factor ke have been
adopted, Sageseta (2013).

It has to be highlighted that NLFEA analyses with CSCT failure criterion seem to
be a very robust and consistent approach with a mean value close to 1.0 and a sound
scatter of the results. It can be highlighted that the agreement between experimental and
numerical results remains still valid for corner and edge columns where the axisym-
metric condition is not satisfied anymore. Finally, Fig. 4b–e shows the experimental
and numerically obtained cracking patterns at bottom and top side showing good
agreement. For columns C12 and C11, NLFEA predictions seem not to be in good
agreement.

Fig. 3. View of the tested specimen under investigation

Fig. 4. (a) Comparison of test results to NLFEA predictions; Experimental and predicted
cracking pattern, respectively, at the bottom (b)–(d) and top (c)–(e) sides evaluated at the end of
the test campaign (crack openings w in mm), Cantone et al. (2016a)
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4 Parametric Analysis for Studying the Influence of CMA
and Moment Redistribution

In the next sections, parametric analyses have been performed through nine case
studies accounting for reinforced concrete membrane nonlinearities by means of
PARC_CL Crack Model and out of plane shear failures via CSCT failure criterion.
Unlike standard axisymmetric models, this modeling approach will be able to consider
orthogonal reinforcement layouts. Case a and Case b represent isolated slabs having a
typical geometry adopted for specimens tested in laboratory (L = 3000 mm and
L = 3950, respectively), while Case c represents the geometry of the corresponding
continuous flat slabs (L = 6800 mm). Case c is modelled with no additional boundary
conditions at the edges apart for symmetrical restrains in order to guarantee zero
rotations (self - confined case). Three hogging reinforcement ratio in the column region
are studied (qhog = 1.5%/0.75%/0.375%). The choice of the reinforcement layouts aims
at studying actual hogging and sagging reinforcement ratios common in practice. For
this reason, regarding the case study c, a ratio qhog/qsag equal to 3 has been adopted
over the columns (0.4L � 0.4L, where L is the span between adjacent columns) while a
ratio equal to 2 in the slab strip connecting adjacent columns and a ratio equal to 1 in
the remaining parts of the slab.

A uniformly distributed pressure is applied at the top of the slab simulating per-
manent and variable loads. The column size c is 260 mm for all case studies as the
effective width dnom is equal to 210 mm. The concrete compressive strength was fixed
to 35 MPa whereas the yield strength of hogging and sagging reinforcement set up to

Table 1. Main assumptions of the parametric analysis, Cantone et al. (2016b)
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520 MPa, Table 1. The common design assumption, MC2010, consists in a constant
radius of the line of moment contraflexure rs corresponding to the hogging moment
area. As shown in Fig. 5, the above assumption persists valid for an isolated specimen
in which the value of rs is constant at 0.22L up to failure. Nevertheless, for
self - confined or fully - confined continuous slabs, moment redistribution occurs due
to elastic activation of sagging reinforcement after cracking of concrete in the hogging
area. This loss of stiffness in the hogging area triggers a reduction of the radius of the
line of moment contraflexure rs (and, consequently, of shear slenderness) shifting
closer to the column, Einpaul et al. (2015).

Focusing on the continuous slab of Case c, Fig. 5a and c highlight how moment
redistributions are highly related to the hogging reinforcement ratio but still by the
external confinement restraining the horizontal dilation. Figure 6 shows load – rotation
curves for all case studies investigated in the current parametric analyses. Regarding
Fig. 6a (qhog = 1.5%), it may be pointed out how no significant difference is observed
between the behavior of an isolated specimen or an actual continuous slab in case of
members without shear reinforcement. This shift becomes more visible by decreasing
whether the hogging reinforcement ratio, Fig. 6b–c, or for members with shear

Fig. 5. Radius of the line of moment contraflexure rs along the axis and the diagonal for qhog
under investigation

Fig. 6. V - w curves and intersection with CSCT failure criterion for qhog under investigation
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reinforcement. In these cases, CMA effects, moment redistributions and effect of
dilation appear more pronounced, leading to different shear resistances and deformation
capacities among different modeling approaches.

In addition, Fig. 7 points out the profiles of radial and tangential normal forces of
the axial direction at four significant loading steps with respect to the self-confined
continuous slab: namely, cracking in the hogging area, cracking in the sagging area,
yielding of hogging reinforcement and yielding of sagging reinforcement. As already
discussed above, the restrained dilation triggers tensile tangential normal forces in the
outer part of the specimen.

Moreover, the radius of the tension ring shifts with increasing load due to the fact
that the relative stiffness between hogging and sagging area is changing. In addition,
Fig. 7c shows the profiles of compressive normal and tangential forces at the critical

Fig. 7. Radial and tangential normal forces in the axis (a–b) for four significant loading step,
namely, hogging cracking moment, sagging cracking moment, yielding of hogging reinforcement
and yielding of sagging reinforcement; (c) Tangential and radial membrane forces in the critical
section for Case c.

Table 2. Design code provisions for members with and without shear reinforcement according
MC2010 Level of Approximation;

MC2010 qhog [%] Level II [kN] Level III [kN] Level IV [kN]
UR SR UR SR UR SR

Case a 1.5 604.3 1167.7 673.9 1250.8 744.1 1376.0 1.23 1.18
0.75 502.8 864.1 535.3 931.6 630.0 885.0 1.26 1.03
0.375 376.7 620.7 404.5 672.2 460.0 520.0** 1.22 -**

Case b 1.5 604.3 1167.7 673.9 1250.8 760.0 1416.0 1.26 1.21
0.75 502.8 864.1 535.3 931.6 649.0 995.0 1.29 1.15
0.375 376.7 620.7 404.5 672.2 499.0 584.0** 1.33 -**

Case c 1.5 604.3 1167.7 673.9 1250.8 792.0 1399.0 1.31 1.19
0.75 502.8 864.1 535.3 931.6 705.0 1072.0** 1.40 1.24
0.375 376.7 620.7 404.5 672.2 649.0 774.0 1.72 1.25

*UR: member without shear-reinforcement; SR: shear-reinforced member; **Flexural
plateau
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section in the axial direction for Case c. It can remarked that, the membrane effects
increase with decreasing reinforcement ratios.

Afterwards, design punching predictions according Level of Approximation by
Model Code 2010 have been carried out in order to highlight how LoA IV is able to
detect design resistances higher than Loa II and III (Table 2). The benefits of using
LoA IV in terms of design punching shear resistance are much higher when com-
pressive membrane actions play an important role (Case c) than in case of isolated slabs
(Case a). The discrepancy between isolated and actual continuous members attains
higher values when shear reinforcement is provided.

This capacity reserve is related to the activation of sagging moment up to failure
guiding to an ultimate flexural mechanism different from the one of an isolated
specimen.

5 Conclusions

An actual continuous slab supported on 16 columns, tested by Ladner et al. (1977), has
been analysed with the PARC_CL Crack Model and the Critical Shear Crack Theory
failure criterion. This investigation aims at studying the consistency of the adopted
numerical approach and the contribution of compressive actions on the overall load –

deformation response and ultimate punching strengths. Then, a parametric analysis has
been carried out by comparing different hogging reinforcement ratio and modeling
approaches in order to evaluate the contribution of moment redistributions and com-
pressive membrane action on the overall load - deformation response. The investigation
leads to the following conclusions:

– The numerical approach adopted with the mechanical model of CSCT shows sound
agreement and robustness in terms of scatter of the results.

– Multi-layered shell modelling allows the investigation of non-axisymmetric situa-
tions as it is, for example, the case of edge or corner columns.

– Moment redistributions shift the line of moment contraflexure triggering a change in
the hogging moment area (not constant anymore at 0.22L). The elastic activation of
sagging moment up to failure is not considered in a common isolated specimen
experiment. This contribution yields to flexural shear capacities clearly higher.

– CMA effects increase the resistant moment at the slab -column connection
– PARC_CL Crack model is able to capture compressive membrane forces in the

critical region accounting for additional punching/shear carrying resistance
capacities.

– Actual designing approaches, did not take into account the onset of membrane
forces at different load levels.

– The contribution of the normal forces may be considered in a simplified manner in
order to account for an increase of the hogging resistant moment, thus leading to a
higher ultimate punching strength.
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Abstract. The use of Natural Fibers (NFs) in Fiber-Reinforced Cementitious
Composites (FRCCs) is an innovative technical solution, which has been
recently employed also in High-Performance FRCCs. However, NFs are gen-
erally characterized by complex microstructure and significant heterogeneity,
which influence their interaction with cementitious matrices, whose identifica-
tion requires further advances in the current state of knowledge. This paper
presents the results of pull-out tests carried out on sisal fibers embedded in a
cementitious mortar. These results are considered for identifying the bond-slip
law that describes the interaction between the sisal fibers and the cementitious
matrix. A theoretical model, capable of simulating the various stages of a
pull-out test, is employed as part of an inverse identification procedure of the
bond-slip law. The accuracy of the resulting simulations demonstrates the
soundness of the proposed theoretical model for sisal fibers embedded in a
cementitious matrix.

Keywords: Sisal fibers � Fiber Reinforced Cementitious Composites
Bond-slip law � Pull-out test � Inverse identification

1 Introduction

In the last decade many researches have been developed with the aim of exploring the
potential of composite materials, based on either polymeric or cementitious matrices,
internally reinforced by fibers derived by plant leaves or branches (Netravali and
Chabba 2003). These fibers, generally referred to as either “vegetal” or “natural”,
highlighted promising properties in terms of both strength (Silva et al. 2010) and
durability (Melo Filho et al. 2013, Ferrara et al. 2014; Ferrara et al. 2015). Moreover,
they have an apparent potential for enhanced sustainability with respect to similar
materials reinforced with industrial fibers made of either steel (Toledo Filho 1997) or
plastic fibers (Sreekumar et al. 2009).
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The aforementioned researches unveiled the multifold potential of
Natural-Fiber-Reinforced Cementitious Composites in reducing the demand of raw
materials, as they are mainly based on using renewable resources, and the supply and
production costs, as the original plants are widely available, especially in tropical and
sub-tropical zones.

Among the various Natural Fibers (NFs) investigated so far, those made from sisal
(agave sisalana) leaves (Silva et al. 2009) have attracted a great interest in both
material scientists and concrete technologists (Netravali and Chabba 2003). More
specifically, their excellent properties in terms of tensile strength is the main motivation
for using them as a reinforcement in composite materials (Silva et al. 2008). However,
it should be recognized that the weak chemical bonds that can be established with
matrices based on Portland cement results in low mechanical bond between these fibers
and matrices, whose maximum strength might be estimated in the range of 0.32 and
0.72 MPa, according to experimental results reported in the scientific literature (Silva
et al. 2011). Moreover, the high water absorption capacity of sisal fibers results in a
volume expansion when they are added to the fresh cementitious matrix and, con-
versely, it produces a contraction when the matrix dries and, hence, a partial detach-
ment between fibers and matrix at the hardened state.

Different procedures have been proposed for reducing water absorption capacity in
natural fibers and improving fiber-matrix bond interaction: they are based on applying
chemical and physical treatments of both matrix and fibers (Ferraz et al. 2011). For
instance, the partial replacement of cement with microsilica have led to increasing the
pullout resistance by about 24% (Toledo Filho 1997). This increase is related to the
fineness of microsilica, which is capable to reduce porosity in the transition zone, hence
enhancing the fiber-matrix bond. Furthermore, the use of alkaline solutions (Saha et al.
2010; Kundu et al. 2012) removes most of the surface non-cellulosic substances and
increases roughness of their surface, hence enhancing the fiber-matrix bond. Simple
treatments, such as soaking the fibers in distilled water followed by a drying process,
also result in improving the fiber-matrix bond (Li et al. 2008). Moreover, a reduction in
the fiber hydrophilicity can be achieved by means of wetting and drying cycles pro-
moting hornification (namely, stiffening of the polymeric structure present in ligno-
cellulosic materials, as defined by Claramunt et al. 2010). This treatment promotes a
reduction in volumetric changes of pulps and fibers of natural origin, as well as a
significant alteration in their mechanical properties, while acting also as a bridge
between fibers and cementitious matrices and, hence, strengthening the interfacial bond
(Claramunt et al. 2010).

This paper summarizes the results of pull-out tests carried out on hornified sisal
fibers embedded in a cementitious mortar. Then, these results are employed in iden-
tifying the bond-slip law that describes the interaction between sisal fibers and
cement-based matrix: an inverse identification procedure, based on a theoretical model
capable of simulating the various stages of a pull-out test, is applied for this task
(Ferreira et al. 2016).
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2 Experimental Program

2.1 Materials and Processing

The sisal fibers used in the present study were obtained from sisal plants growing in
farms located in the Bahia state, Brazil. They were extracted from the sisal plant leaves
in the form of long fiber bundles: this process was executed by means of
semi-automatic scrapers.

As regards microstructure, it consists of numerous individual fibers (fiber-cells),
which are about 6-30 µm in diameter. The individual fiber-cells are linked together by
means of the middle lamella. The chemical composition of sisal fibers includes
approximately 60.5% cellulose, 25.7% hemicellulose, 12.1% lignin, 1% pectin and
1.6% ash (Fidelis 2012; Silva et al. 2009; Silva et al. 2010).

The cement-based matrix presented a mix design of 1:0.5:0.4 (binder: sand:
water/binder ratio) by weight.

The binder was composed by 30% of Portland cement CP-32 F II, 30% of meta-
kaolin and 40% of fly ash. This ratio of metakaolin and fly ash was aimed to guarantee
the durability of the fiber once a matrix free of calcium hydroxide is obtained (Toledo
Filho et al. 2009; Melo Filho et al. 2013).

The fly ash also ensured higher workability to the matrix that, within the context of
high-performance composites, is a desirable property, as it provided a better homog-
enization of the natural fibers (Ferreira et al. 2015).

The sand was processed to obtain a maximum diameter of 840 lm and the
superplasticizer was the Glenium 51 (type PA) with solids content of 31%. In addition,
a viscosity modifier Rheomac UW 410, (manufactured by BASF), at a dosage of
0.8 kg/m3 was also used in order to avoid segregation and bleeding during molding.

The matrix showed a flow table spread value of 450 mm according to the Brazilian
standard NBR 13276 (2005) and a compressive strength at 28 days of 31 MPa,
according to NBR 7215 (1996).

The mixtures were produced in a room with controlled temperature (21 ± 1 °C)
using a mixer with capacity of 5 l. The mixing procedure consisted of the following
stages:

– all dry components were homogenized in the mixer;
– the water and superplasticizer were added and mixed for 2 min at a speed of 125

RPM;
– the process was stopped during 30 s to remove the material retained in the mixer;
– the mixing procedure continued for 2 min at 220 RPM and, finally, for a further

5 min at 450 RPM.

A special mold was developed for preparing the specimens. After filling the mold
with the matrix, the top cap was fixed and the fiber stretched slightly for alignment. The
mortar was placed in plastic bags before being placed in the mold as to facilitate the
casting process. Embedment length of 25 was analyzed. After 24 h, the specimens were
demolded and placed in a fog room (HR% � 95%) to moist curing for 7 days for the
pullout test.
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2.2 Hornification Process

The sisal fibers were placed in a container with water (T = 22 °C) during three hours to
reach its maximum water absorption capacity. The drying process was carried out in a
furnace at a temperature of 80 °C. The furnace used was equipped with an electronic
temperature control and connected to a scale, with a tolerance of 0.01 g to record the
loss of water.

The furnace was programmed to reach 80 °C at a heating rate of 1 °C/min and to
maintain this temperature for 16 h. After 16 h of drying, the furnace was cooled down
to the temperature of 22 °C in order to avoid possible thermal shock to the fibers. This
procedure was repeated ten times. More details can be obtained elsewhere (Ferreira
et al. 2015).

2.3 Testing

The sisal fiber’s microstructure was investigated using a Hitachi TM3000 Scanning
Electron Microscope (SEM). The microscope was operated under an accelerating
voltage of 15 kV. A pre-coating with a thin layer of approximately 20 nm of gold was
done to make the fiber conductive and suitable for analysis. In order to measure the
fiber’s cross-sectional area, for each single fiber used in the pullout and tensile test, an
adjacent piece of the fiber (immediately next to the one tested) was kept for future
measurement and morphology characterization using the SEM. Fiber-matrix interface
zone was also investigated. The obtained images were post-processed using ImageJ, a
Java-based image processing program.

The tensile tests were performed in an electromechanical testing machine Shimadzu
AG-X with a load cell of 1 kN. The tests were performed on 15 sisal fibers using a
displacement rate of 0.1 mm/min. The fibers with a gage length of 50 mm were glued
to a paper template for better alignment in the machine and for a better griping with the
upper and lower jaws in accordance with ASTM C1557 (2013). To calculate the tensile
strength of the fibers, their diameters were measured by image analysis from micro-
graphs obtained in a scanning electron microscope.

The pullout tests were performed in an electromechanical testing machine
Shimadzu AG-X with a load cell of 1 kN. The tests were carried out using a dis-
placement rate of 0.1 mm/min. The samples were fixed in the machine grips through a
system with hinged-fixed boundary conditions. Fifteen tests were performed (embed-
ded length of 25 mm).

3 Anlytical Modeling

An analytical model has been formulated for simulating the interaction between fiber
and matrix in a pull-out process (Ferreira et al. 2016).

It assumes that:

– the fiber behaves in a linear elastic way;
– the matrix is supposed to be perfectly stiff;
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– the interaction between fiber and matrix is based on a bond-slip law s-s, invariant
throughout the fiber length.

As for the last point, the model assumes the following bilinear bond-slip law
(Fig. 1):

s sð Þ ¼
kel � s if sj j � sel

sr � kin � s� selð Þ if sel\ sj j � su
0 if sj j[ su

8<
: ð1Þ

where kel = smax/sel is the slip modulus of the elastic branch ending at a slip value sel
with a corresponding bond stress smax. Moreover, sr is the residual bond stress, and kin
is the post-peak slip modulus, strictly positive in Eq. (1), resulting in a linear variation
of stresses from sr to su, the latter being achieved for a slip su.

The equilibrium equation of an infinitesimal element of fiber can be easily deter-
mined as already presented in several models already available in the literature
(Caggiano et al. 2012), a general equilibrium condition can be determined (Fig. 2):

drf
dz

� Pf

Af
� s ¼ 0 ð2Þ

Moreover, the axial strain ef developing in the fiber is strictly related to the interface
slip s:

ef ¼ ds
dz

ð3Þ

Fig. 1. Bilinear bond-slip law
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Since the fiber is elastic rf = Efef and, hence, Eq. (3) can be introduced in Eq. (2),
in order to obtain a well-known differential relationship between the second derivative
of the interface slips and the corresponding bond stress s (Caggiano et al. 2012):

d2s
dz2

� Pf

Ef Af
� s sð Þ ¼ 0 ð4Þ

A step-wise analytical solution can be obtained by considering the various states of
stresses of the fiber-to-matrix interface resulting from the bilinear bond-slip law rep-
resented in Fig. 1. Further details on both the mathematical derivation and the
numerical implementation of this solution are available in Ferreira et al. (2016).

Based on the above assumptions, the full range analytical expression of the applied
pull-out force F0 can be, as a function of the displacement s0 at the end of the fiber
embedment, on the loaded side.

Moreover, F0 also depends upon the actual bond-slip law assumed for describing
the interface behavior. Hence, the following conceptual relationship can be written:

F0 ¼ F0 s0; qð Þ ð5Þ

where q is a vector that collects the five parameters describing the interface law
de-scribed in Fig. 1:

q ¼ sel su smax sr su½ � ð6Þ

The aforementioned analytical model can be employed for determining the
parameters describing the actual bond-slip interaction by means of an “inverse iden-
tification” procedure (Martinelli et al. 2012). More specifically, the following opti-
mization problem has to be solved:

Fig. 2. Local equilibrium conditions on a free infinitesimal element of fiber.
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q ¼ argmin
q

D qð Þ ð7Þ

being

D qð Þ ¼
Xn
i¼1

F0 s0;i; q
� �� Fexp

0;i

h i2
ð8Þ

where s0,i is the displacement imposed on the free end of the fiber at the i-th increment
of the experimental procedure, F0,iexp is the corresponding force and n is the number of
displacement increments either in the experimental process or the current numerical
analysis.

4 Results and Analysis

4.1 Morphological Characterization of Sisal Fiber

Table 1 summarizes the results derived from the SEM analysis by presenting the
measured value in terms of area, perimeter and fiber’s shape.

Based on the values of parameters reported in Table 1, the hornified sisal fiber
presents high scattering in terms of morphological characterization. The area and
perimeter values range from 0.001 to 0.003 mm2 and 0.53 to 1.3 mm, respectively.
This significant variation might be directly related to the significant variability in the
shape of fibers’ cross-sections.

This clue is confirmed by Fig. 3, which shows the three typical cross-section shapes
exhibited by sisal fibers, each one presenting a different relationship between
cross-section area and perimeter.

Table 1. Sisal fibers geometry

# Area Perimeter Shape
mm2 mm

1 0.01478 0.7900 Twisted
2 0.01739 0.8200 Twisted
3 0.03750 1.2300 Twisted
4 0.01753 0.6114 Horse shoe
5 0.01115 0.5619 Twisted
6 0.02270 0.8739 Twisted
7 0.01650 0.5330 Horse shoe
8 0.01641 1.0300 Twisted
9 0.02970 0.8281 Horse shoe
10 0.01571 0.5683 Arch
11 0.02391 1.0600 Twisted
mean 0.02030 0.8097 –
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As a matter of fact, within the leaf, there are three basic types of fibers, generally
referred to as structural, arch and xylem fibers (Silva et al. 2011). Structural fibers have
a horse shoe shape and a rough surface (Fig. 3a); arch shape fibers (Fig. 3b) grow in
association with the conducting tissues of the plant (usually found in the middle of the
leaf); xylem fibers grow opposite to the arch fibers, presenting a twisted shape (Fig. 3c),
similar to double-helical DNA model.

(b) 

(c) 

(a) 

Fig. 3. Sisal fiber shape: horse shoe (a), arch (b), twisted (c).

Inverse Identification of the Bond-Slip Law for Sisal Fibers 65



4.2 Mechanical Properties

The results in terms of tensile strength and the corresponding elastic modulus for both
untreated and hornified sisal fibers are summarized in Table 2. They show that
hornification induce to a slight increase in tensile strength and strain at failure (about
5%), while it reduces the elastic modulus.

In fact, wetting and drying cycles change the microstructure in natural fibers,
which, in turn, modifies the polymeric structure of the fiber-cells resulting in higher
tensile strength and strain. Moreover, it is worth highlighting that hornification reduces
the variability affecting the mechanical response of sisal fibers, both in terms of tensile
strength (coefficient of variation slumps from 67 to 26%) and elastic modulus (CoV
reduces from 3.5 to 2.7%).

4.3 Bond-Slip Law Identification

The results of the inverse identification of the bond-slip laws performed on hornified
sisal single fiber pull-out tests, are summarized in Table 3.

A total number of 15 tests were performed (embedded length equal to 25 mm), but
4 samples exhibited fiber fracture and for this reason their results are not considered in
the present analysis for the bond-slip law identification.

Table 2. Tensile tests results.

Treatment Tensile strength Elastic modulus
MPa CoV (%) GPa CoV (%)

Natural 453.23 66.49 20.16 3.52
Hornification 474.86 26.46 18.05 2.75

Table 3. Parameters of the identified bond-slip law results.

# se su smax sr su GF

mm Mm MPa MPa MPa Nmm

1 0.08 2.96 0.31 0.28 0.21 0.36
2 0.11 4.19 0.27 0.22 0.13 0.36
3 0.50 8.05 0.14 0.13 0.09 0.41
4 0.28 5.22 0.35 0.27 0.25 0.86
5 0.30 5.21 0.44 0.30 0.29 1.12
6 1.57 5.76 0.27 0.13 0.02 0.53
7 1.31 5.20 0.62 0.34 0.13 1.20
8 0.20 7.90 0.39 0.19 0.15 1.40
9 1.00 5.55 0.15 0.12 0.08 0.30
10 0.36 3.35 0.31 0.26 0.12 0.31
11 0.62 3.95 0.20 0.20 0.19 0.38
mean 0.58 5.21 0.31 0.22 0.15 0.66
CoV (%) 86.7 31.5 44.5 34.0 52.4 62.1
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The quality of the approximation that can be achieved by means of the proposed
model is demonstrated by comparing experimental results and analytical simulations
(in terms of F0-s0 curves) for each test (Fig. 4). The curves clearly demonstrate that the
analytical solution proposed in this study is capable of accurately reproducing the bond
behavior of hornified sisal fibers embedded in a cement matrix.

However, the results reported in Table 3 highlight that the bond-slip laws identified
for the various tests are fairly scattered. In other words, defining a unique bond-slip law
capable to describe the bond behavior of natural fibers in cement matrix does not seem
realistic. This can be justified by considering that sisal fibers are heterogeneous, in
terms of both mechanical and geometric properties, and this heterogeneity leads to a
significant variability in the resulting adhesion with mortar. In fact, the resulting bond
behavior in cement matrix is influenced by several parameters, such as fiber shape, fiber
cross section area variation along the longitudinal axis and surface texture and
roughness of the filaments.

Nevertheless, the identified bond-slip laws may be analyzed and compared in terms
of some key mechanical parameters, such as the specific fracture energy GF, which
represents the area under the local bond-slip law in Fig. 1.

Before commenting into details the results in Table 3, it should be mentioned that
the bond behavior of fibers in cement matrix can be mainly divided in three phases:
adhesion, mechanical bond and frictional bond (Naaman, 1999). The first two mainly
depends on the chemical compatibility between the fiber and the matrix and the surface
texture of the fiber while the latter is, mainly, governed by the geometrical charac-
teristic of the fiber.

Then, the values of GF reported in Table 3 can be interpreted in the light of the
above considerations.

As regards fracture energy, it should be noticed that the high dispersion, in terms of
coefficient of variation CoV (around 60% as highlighted in Table 3), presented by the
GF can be mainly attributed to the morphological characteristics of sisal fibers. In fact,
these fibers are characterized by a high variability in terms of transverse section
properties (Pf and Af) as well as in terms of overall straightness and this heterogeneity
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Fig. 4. Simulation examples of the force-slip response
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influence the frictional bond mechanisms that play a fundamental role on the definition
of the fracture energy.

Conversely, the values of smax presents a lower value in terms of CoV. This can be
explained by considering that the elastic branch is mainly controlled by the adhesion
and mechanical bond mechanism occurring between fiber and matrix, both being more
related to the chemical adhesion between sisal fiber and cement based matrix, rather
than their geometric properties.

5 Conclusions

This paper was intended at investigating the bond behavior of hornified sisal fibers
embedded in cement-based matrix. On the one hand, the reported experimental results
demonstrate the potential of using sisal fibers as spear reinforcement in cementitious
composites. On the other hand, the proposed theoretical model leads to scrutinizing the
local bond-slip relationship characterizing the interaction between fiber and matrix.
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Fig. 4. (continued)

68 S. R. Ferreira et al.



The following main points can be remarked:

– the pull-out tests highlighted good bond properties of hornified sisal fibers: since the
majority of specimens failed in debonding, one can reasonably recognize that their
transfer length is longer than 25 mm and, hence, the majority of the tested speci-
mens can be considered for charactering the bond behavior of sisal fibers;

– an analytical model, already formulated by the Authors for similar problems, was
extended to the case of hornified fibers by introducing a more general bi-linear
bond-slip law, whose characteristic features (e.g. discontinuities and non-zero
ultimate stresses) resulted essential in simulating the observed behavior of the fibers
under consideration;

– in spite of the significant variability affecting the geometry of fibers, reasonably
stable values of the key parameters of the identified bond-slip laws were determined
for the various tested specimens. Particularly, the variability of two main parame-
ters, such as bond strength and fracture energy was analyzed.

The results of this study will pave the way towards a comprehensive understanding
of the mechanical behavior of cementitious composites reinforced by natural fibers.
Particularly, the research will move toward the structural scale by analyzing the
response of structural members made of this the materials considered herein. Moreover,
the proposed analytical model will be available for identifying the bond-slip laws
resulting for other kinds of natural fibers (i.e. jute and curauá) and compare them with
the one determined for hornified fibers.
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Abstract. With improved insulation standards over the last 30 years, and with
energy efficiency becoming an ever more important design consideration, is
necessary to provide a solution to the architectural and engineering problem of
creating a thermal break while still providing a structural connection. Thermal
bridges occurs when a more conductive (or poorly insulating) material allows an
easy pathway for heat flow across a thermal barrier. The most common form is
probably within the balcony slab which is usually uninsulated. With an “ad hoc”
system is possible to eliminate this kind of problem. Effective thermal insulation
using special systems reduces the risk of high levels of condensation, mould
formation and the associated damage caused along the ceiling slabs inside of
balconies. Thermal outflow and energy loss through the balcony slab is mini-
mized. This paper analyse a specific solution that can guarantee a load capacity
connection for balcony slab and at the same time a thermal efficiency. Moreover
will be described the design model and the thermal performance analysis in
winter and summer situation.

Keywords: Balcony connection � Insulation � Thermal bridge
Energy saving � Design concept � Test results

1 Introduction

Thermal bridges are weaknesses within a building’s structure where heat and/or cold is
transferred at a substantially higher rate than through the surrounding envelope area.
There are basically two types of this phenomenon:

• geometric thermal bridges where part of the structure projects through the building
envelope

• material thermal bridges where materials with different conductivity are used in
combination

In practice, these effects often combine. A classic example of this is the balcony
slab, where problems occur if the connection is not given serious consideration
(Fig. 1).

The thermograph photograph above shows that if thermal bridges at balconies are
not taken care of, the balconies act as “cooling fins”; conducting the heat off the
building and cooling the rooms adjacent to the balconies.
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The effect of thermal bridges are:

• Higher energy consumption: due to the thermal outflow at the balcony connection,
heat is drawn from every room resulting in a significant rise in heating costs and
energy consumption.

• Mould formation: Interior temperatures of the adjacent rooms can drop well below
the dew point. This leads to condensation, deteriorates plaster and paintwork and is
an ideal condition for harmful mold formation! If there is sustained exposure to
condensation, the building is subject to serious deterioration.

• Uncomfortable living space: Cold surface temperatures cause uncomfortable living
space for occupant several reasons may lead to the necessity of strengthening of flat
slabs.

2 System and Application

2.1 Balcony Insulation System

The HALFEN HIT-HP and HIT-SP is an element that guarantee the break thermal
insulation of the balcony and, at the same time, a mechanical connection between the
main slab and the balcony slab.

There are many types of HIT element depending on the load they have to transmit.
Some elements has load capacity in terms of shear and bending moment, other only
shear load bearing capacity. In general the element is composed by an upper part where
are installed tension bars in stainless steel and a bottom part where patented com-
pression shear bearings (CSB) take places. The special shape and the material prop-
erties of the fibre-reinforced high-performance mortar in the CSB, which is adapted to
the application field, allows compressive and shear forces to be effectively transmitted.

All load components and the mineral wool, which serves as insulation and fire
protection material, are firmly fixed in a patented, protective plastic box. The flexible

Fig. 1. Thermograph photograph of the thermal bridge at balcony
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combination of the units in the modular system significantly reduce transport and
storage costs and therefore CO2 emissions. This significantly improves flexibility and
planning certainty, especially in the precast industry.

The innovative double-symmetric compression shear bearing (Fig. 2) eliminates
the risk of installing in an incorrect orientation. This obviously reduces errors during
installation and subsequently the risks of damage to property and injury. Additionally,
effective transmission of positive and negative shear forces is possible without any
additional load bearing elements and therefore without further reduction in thermal
properties.

2.2 Experimental Investigation

To characterize the behavior of the slab connection construction HIT-HP/SP, the load
bearing behavior of the CSB as well as the slab connection construction HIT-HP/SP were
analyzedwith extensive FEM investigations performed by the companyNolasoft.Within
the framework of the approval procedure, numerous building component tests on slabs
with the HALFEN-Iso-Element HIT-HP/SP to dissipate bending moments and/or shear
forces were performed at the TU Kaiserslautern [3]. Moreover, tests on the residual
ultimate load after 120 min of fire exposure were conducted at the Leipzig Institute for
Materials Research and Testing (MFPA Leipzig GmbH). The building materials inves-
tigations on the load bearing behavior of the fibre-reinforced high-performance mortar
were made at the Bauhaus-University Weimar.

Based on the estimated design load capacity of the HIT elements, in the full-scale
tests 10 load cycles were performed from (almost) zero to serviceability limit state and
3 load cycles from (almost) zero to ultimate limit state. Afterwards, the load was
increased from (almost) zero up to maximum load. Subsequent to this peak load, the
structure was unloaded and 3 additional load cycles from (almost) zero to ultimate limit
state were applied.

In Fig. 3 the measured force deformation curve is shown for tests with concrete
edge failure. The residual load capacity of the tested structure is very high, despite
failure of the concrete edge or failure of the CSB. Therefore the behavior of a structure
with a connection with HIT is ductile.

Fig. 2. Standard HALFEN HIT-MVX element.

Balcony Thermal Insulation Element 73



2.3 Design Model

Based on the results of the FEM studies, the strut-and-tie model displayed in
ETA-13/0546 [1] was developed. The strut-and-tie model shall qualitatively show the
transfer of the internal forces of the balcony slab via the CSB to the floor slab (Fig. 4).

Corresponding to the test results, the following models have to be considered for
the design of the slab connection HIT:

• Moment-shear interaction.
• Concrete edge failure of the floor slab.
• Shear force capacity of the adjacent components,

The moment-shear interaction model of the HIT-MVX (cantilevered slab connec-
tion) is used to determine the internal forces and the required number of tension bars.
Due to the interaction between moment and shear force, a separate determination of the
load bearing capacities for both loads is impossible. Therefore, both actions VEd and

Fig. 3. Post-failure behaviour

Fig. 4. Strut-and-tie model
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MEd must be considered together. This is conducted by the determination of the
maximum compression zone height xc at the main slab side according to Eq. (1) (in [N]
and [mm]):

xc ¼ Max

dCSB �
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

dCSBð Þ2� MEdj j
bc1;M�nCSB

r

hCSB
2 � hCSB

2

� �2

� VEd
ðbc2,V�ncsbÞ

 !0;5 � hCSB

8

>

>

>

<

>

>

>

:

ð1Þ

With:

dCSB ¼ h� cnom;s � ds;1
2

� cCSB

nCSB number of CSB
hCSB height of CSB (= 83 mm)
bc1,M, bc2,V factors according to ETA-13/0546
cCSB concrete cover of the CSB (= 15 mm)
cnom,s concrete cover of the tension bars
h element height
ds,1 diameter of the tension bars
The concrete compressive, are calculated from the number of the compression shear

bearings, the height of the concrete compression zone (assuming a constant stress) and
the factor bc1,M.

�Fcd ¼ 2 � xc � nCSB � bc1;M ð2Þ

Maximum transferable shear force VRd in the design section is:

VRd ¼ Min
nCSB � 16 kN½ �
Fcdj j � 83mm�xcð Þ

aCSB

�

ð3Þ

With:
xc = according to Eq. (1)
aCSB distance between the shear forces
= 110 mm for HIT-HP
= 150 mm for HIT-SP.
The stainless steel bar sections of the tension bars are designed in a way that the

welded common reinforcing steel becomes decisive. Therefore, only the cross section
of the common reinforcing steel section of the tension bars has to be calculated
according to Eq. (4).

As ¼ Fsd
fyd

ð4Þ
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With:
Fsd = −Fcd according to Eq. (2)
fyd = fyk/cs
fyk characteristic value of the yield stress of the reinforcing steel
cs = 1,15 (partial safety factor for reinforcing steel [6])

The other models are described in [1, 2, 5].

2.4 Comparison Between Test Result and Design Models

In Fig. 5, the experimental ultimate moment and shear loads, resp., and the calculated
load bearing capacities are compared. It can be seen that the model to calculate the load
bearing capacity of the balcony connection HIT-HP/SP is sufficiently precise. The
calculation failure modes comply with the experimental failure and that the required
safety level is adhered to.

2.5 Thermal Performance Analysis

Structural thermal bridges such as balconies may lead to moisture problems resulting
from lower temperatures on internal surfaces. Moreover, thermal bridges normally
cause additional loss of heat.

Consequently, correct planning using thermally insulated balcony slab connections:

• prevent condensation and mould growth by fulfilling the minimum thermal insu-
lation requirements according to DIN 4108-2,

• reduce the transmission heat losses in the area of the connections.

Depending on the temperature, the air can retain different amounts of moisture.
With a rise in air temperature, the amount of storable moisture increases. In a room, the

Fig. 5. Measured ultimate loads as function of the calculated values.
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air is constantly moving (room air flow). The water content in a defined flowing air
volume remains nearly constant.

However, the temperature of the air changes when the air flows along colder
external components. The storage capacity of the air decreases as the air cools down,
resulting in an increase in relative humidity. Condensation always occurs when the
relative humidity reaches 100%. Assuming a room temperature of 20 °C and a relative
humidity of 50% condensation would occur when the air cools down to approx. 9 °C
(Fig. 6). If, under the given conditions, the temperature at the inner surface of an
adjacent component, for instance the wall or the ceiling, is 9 °C or colder, then con-
densation will form on this surface.

Correct application of HALFEN HIT Insulated connections prevents the surface of
the wall/ceiling from falling below the dew point and therefore prevents condensation.
An increased relative humidity of approx. 80% above the surface of the component
promotes mould growth.

In a standard scenario with an indoor temperature of 20 °C and a relative humidity
of 50%, cooling down the air to approximately 13 °C raises the relative humidity to
80%.

HALFEN HIT Insulated connections prevent cooling of the adjacent components at
the inside of the balcony below the critical temperatures for condensation and mould
growth.

The criterion to prevent mould growth is the temperature factor fRsi. It is defined as
the ratio of the lowest surface temperature minus outside temperature to the total
temperature difference (inside temperature minus outside temperature).

Fig. 6. Dew point diagram
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DIN 4108-2 stipulates that the temperature factor fRsi must be higher than 0.7 for all
component connections.

According to the National Technical Approvals Z-15.7-293, Z-15.7-309 and
Z-15.7-312 the minimum thermal insulation requirement in accordance with DIN
4108-2 has already been proved and applies to the complete HALFEN HIT Insulated
connections load range.

The Energy Saving Regulation (EnEV) specifies that the primary energy demand
required to heat a building must be limited. To calculate this energy demand, thermal
bridges through concrete balcony slabs must also be taken into account. Monolithic
balcony systems without thermal separation have the same effect as cooling fins due to
their geometry and therefore they cause substantial heat losses.

In most cases even when conforming to the specifications stipulated in DIN 4108,
the calculated specific transmission loss HT (resulting from standard cross-sections and
thermal bridges) is still so high that the max. thermal ceiling set by the EnEV is not
easy to maintain. Planners have to deal with this problem when they have to meet
predefined criteria.

In these cases it is necessary to determine the exact transmission losses of all
thermal bridges in a detailed analysis.

For structural component linear connections the linear thermal transmission coef-
ficients (w-value) are defined by set standards.

All relevant thermal and acoustic properties were included in the European
Technical Approval for HALFEN HIT-HP/SP Insulated connection. The thermal
conductivity of the materials is continually tested as part of the internal and external
monitoring of the products. Therefore the physical property values here are no longer
just information provided by the manufacturer. The approved characteristic values
allow a standards-compliant consideration of the slab connections.

In order to facilitate the planner work and to shorten the processing time, HALFEN
has made an w-Calculator available. The required characteristics can be determined
quickly and easily for a variety of installation situations. Since the HALFEN HIT has a
standard fire resistance of 120 min, there are no different values for types with or
without fire protection.

2.6 Example of Thermal Calculation

Figure 7 shows the temperature fields in the cross-section (shown as isotherms) for 6
different situations. The winter situation is calculated with a outdoor temperature of
−15 °C and a room temperature of 20 °C. Without a facade insulation and without a
thermal break between the balcony and the main slab the minimal surface temperature
is 3,6 °C (Fig. 7a). A facade insulation of 22 cm improves the minimum surface
temperature to 12.9 °C (Fig. 7b). According to Fig. 6 a relative humidity of approx.
65% above the surface of the component promotes mould growth. Figure 7c illustrates
the advantages of the HALFEN HIT Insulated connection for the minimal surface
temperature. With a surface temperature of 17,5 °C (HIT-HP) or 17,9 °C (HIT-SP) no
condensation and mould growth will be arise. Furthermore the heat flow decreases
form 201 W/m to 18 W/m and saves a lot of energy.
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Figure 7d–f shows the summer situation with a outdoor temperature of 40 °C and a
room temperature of 20 °C. Although mold growth is not an issue, but a facade
insulation and a insulated balcony connection reduced signified the energy costs for air
conditioning (Table 1).

Winter Situation

a) Facade without ETICS, 
balcony without HIT

b) Facade with ETICS, 
balcony without HIT

c) Facade with ETICS, 
balcony with HIT-HP

Summer Situation

d) Facade without ETICS, 
balcony without HIT

e) Facade with ETICS, 
balcony without HIT

f) Facade with ETICS, 
balcony with HIT-HP

Fig. 7. Example of thermal calculation

Table 1. Influence of facade insulation and balcony connection

Facade without
ETICS, balcony
without HIT

Facade with
ETICS, balcony
without HIT

Facade with
ETICS, balcony
with HIT-HP

Facade with
ETICS, balcony
with HIT-SP

w-value
[W/mK]

0,260 0,715 0,266 0,211

winter
situation
temperature
hmin [°C]
heat flow Q
[W/m]

3,6
200,9

12,9
36,8

17,5
17,7

17,9
15,8

summer
situation
temperature
hmax [°C]
heat flow Q
[W/m]

29,4
114,8

24,1
21,0

21,5
10,1

21,2
9,0
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3 Conclusions

According to national and international standards reinforced concrete structures that
would penetrate the exterior envelope of a building, for example, balcony slabs, should
be thermally separated from the main floor slab. In practice, slab connection elements
are used as standard for this purpose. Slab connection elements are also used to
improve structural-physics requirements and therefore to prevent condensation and
mould growth; they also prevent cracks caused by thermal expansion.

Conventional systems consist of an insulating layer (mostly EPS Expanded Poly-
styrene) and a static effective strut-and-tie system, which is formed from steel tension
bars and steel shear bars as well as concrete or steel compression bearings. The static
system for the HALFEN HIT Insulated connection HP/SP was developed further using
patented compression shear bearings (CSB).

The flexible combination of the units in the modular system significantly reduce
transport and storage costs and therefore CO2 emissions can be reduced by up to 65%.
This significantly improves flexibility and planning efficiency, especially in the precast
industry. Furthermore, an optimal design of the elements for the intended application
situation is possible. Because of the compact construction of the compression shear
bearing boxes there are no protruding structural elements that may cause problems in
transport or when storing semi precast balcony slabs. This factor also helps to keep
transport costs down, avoids damage in transit and reduces the risk of installation errors.

This paper analysed a range of element nominated HIT from statically and thermal
point of view. The testing investigation supported the statically method identify for such
product.

The HALFEN HIT-HP/SP Insulated connection is the first and currently the only
slab connection with a CE marking. The European Technical Approval ETA-13/0546,
allows the elements, the design concept and the structural physical characteristics to be
used in over 30 European countries. This increases safety in planning.

The new HALFEN HIT Insulated connections HP/SP, however, to a large extent use
recycled materials. All other materials are recyclable. The HIT-HP/SP are therefore
particularly environmentally friendly. They can be described as “green” slab connections.
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Abstract. The paper presents a summary of the results of the experimental and
analytical research on Improved fastening systems of cladding wall panels of
precast buildings in seismic zones, performed within the scope of the European
Project Safecladding (EU Programme FP7-SME-2012-2 – Grant Agreement n.
314122), as codified in the pertinent documents issued by the research Con-
sortium in terms of Design Guidelines for practical applications. Further than the
investigation on the current fastening systems and the related acceptability
analysis for existing structures, the paper deals with the specific design criteria
for the isostatic, integrated and dissipative fastening systems that should be the
basis for the new precast constructions in seismic zones.

1 Introduction

The experience of recent earthquakes, like L’A-quila 2009, Lorca 2011 and Emilia
2012 (see Fig. 1), showed the inadequacy of the present design criteria of the fasten-
ings of the cladding wall panels. In addition to this one, another widespread serious
deficiency has been noticed in buildings not designed for seismic action: the loss of
bearing of beams and floor elements in dry simple supports that entrust the transmission
of horizontal forces only to friction without mechanical restrainers (see Fig. 2). Proper
connection devices are needed able to transfer horizontal forces also in absence of the
gravity action. And this is valid also with reference to the possible lateral overturning
of beams. These connection devices should be dimensioned taking into account the
stiffening effects of the cladding panels with respect to the response of the bare frame
structure.

For what concerns the former deficiency, the basic principle shall be that the fall of
cladding wall panels under earthquake action shall be prevented following the same
requirement of no collapse stated for the main structure by Eurocode 8. To this end the
fastening devices and the whole connections of wall panels shall be verified for the
effects of the seismic action in terms of forces and/or displacements as calculated
through the proper structural analysis.

Following this principle, the structural analysis of precast buildings under seismic
action shall properly take into account the role of cladding panels in the seismic
response of the overall construction assembly. The models used in the analysis shall
represent as close as possible the real arrangement of the construction, including panels
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and relative connections. Specific indications are given in the following clauses with
reference to the systems of cladding connections discussed below.

The precast structures considered are frame systems made of columns and beams
connected with horizontal floor diaphragms. In particular the roofs can provide rigid,
deformable or null diaphragm action. To this frame system, for the peripheral cladding,
a set of wall panels is added that, depending on the type of connections to the structure,
may not interfere with the frame behaviour or may interfere leading to the interaction
between the panels and the frame and to an increased stiffness of the system. In this
dual wall-frame system a set of dissipative connections may be present able to attenuate
the seismic response. All these structural systems have to be possibly analysed with
proper specific calculation models.

Fig. 1. Emilia 2012 – panel collapse

Fig. 2. Emilia 2012 – beam fall
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2 General

As primary type of analysis for the current design practice the linear elastic analysis
with response spectrum is proposed as regulated by Clause 4.3.3 of Eurocode 8, where
the effects of energy dissipation at the ultimate limit state are represented by the
behaviour factor qp (see 5.11.1.4 of Eurocode 8). In particular from the analysis the
forces and displacements on the connections of the panels are expected for the nec-
essary pertinent verifications.

For new constructions the following suggestions refer to the modern production of
precast concrete structural elements through processes under quality control as regu-
lated by the present European harmonised standards.

With reference to the provisions of Chap. 5 of Eurocode 8, these structures, when
provided with isostatic systems of wall panel connections, can have all the charac-
teristics to be considered in ductility class high “DCH” (ductile reinforcement, proper
detailing, overproportioned connections). However the use for frame structures of the
high qo factor given by Table 5.1 of Eurocode 8 to this class could lead to an excessive
deformability incompatible with the requirements of the damage limitation state, with
floor drifts larger than 1%. To fulfil this limit state a larger proportioning in size of the
columns could be necessary (corresponding to a lower qo factor), aware that in this way
the frame structure will result over-dimensioned in strength. In any case it is highly
recommended to apply the rules of DCH for reinforcement ductility, member detailing
and connection over-proportioning (with kp = 1,0). In particular, for a full exploitation
of the ductility resources in compression of the longitudinal bars of columns, in the
critical regions of the columns a spacing of stirrups s � 3,5/ should be adopted, with
/ diameter of the longitudinal bars.

If an integrated system of wall panel connections is adopted, the resulting dual
wall-frame structure could be classified in ductility class medium “DCM” with a lower
behaviour factor.

For all connection systems, a ratio au/a1 = 1,0 shall be taken, due to the null or low
level of structural redundancy.

3 Existing Buildings

A structural analysis may be required for the verification of the seismic capacities of
existing buildings, in terms of resistance and stability under the expected seismic
action. Following the results of this verification, proper interventions of upgrading or
retrofitting could be decided. These interventions should be performed according to the
provisions of Eurocode 8 Part 3 and relevant National Annex. When it is technically
and economically possible, a retrofitting should be made with the full fulfilment of the
code requirements for new constructions. Otherwise the upgrading may correspond to
an improvement of the capacity that doesn’t reach the level required in the zone for the
new constructions. In such a case lower return periods of the earthquake can be used
leading to lower peak ground accelerations compared to those used for the new
buildings in the zone. At present some countries allow the reduction factors as low as
0,6. In all cases the damage limitation requirement can be disregarded.
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In the case of existing buildings originally not designed for seismic action, the
analysis should be based on the assumption of a low ductility class for which a
behaviour factor q = 1,5 shall be adopted. If the existing buildings were designed for
seismic action, higher behaviour factors can be used, if justified by the calculations
made and the structural details adopted at the time of construction.

While the elastic modal spectrum analysis is the first choice in the current design
practice, more refined inelastic analysis might be required in some cases, due to the
highly complex non-linear properties of the panel-to-structure interaction, in order to
obtain more reliable and less onerous results.

For seismic loading, the deformation property of the current fastening devices, like
the hammer-head straps of Fig. 3, has a double course. In the horizontal direction
parallel to the plane of the panels, a low interaction between the panel and the bare
frame may be expected until a certain deformation threshold is not overcome. Within
this deformation limit, the panel connection system behaves essentially as isostatic and
relatively simple structural models can be used, basically neglecting the
structure-to-cladding interaction.

When the quoted deformation limit is overcome, the free movement is stopped and
more complex models should be used considering the interaction between the panels
and the bare structure through the fastening devices. Figure 4 shows the elasto-plastic
behaviour of the quoted hammer-head strap and a related possible model.

Anyway the consequent safety verifications will possibly demonstrate the inade-
quacy of the panel connection systems. In such a case proper upgrading or retrofitting
interventions should be made. Any intervention of upgrading or retrofitting of panel
connections on existing buildings should be made only when the adequacy of all the
remaining parts of the structure has been verified to be compliant with the requirements
of the chosen level of seismic resistance.

A little invasive technique of intervention on existing buildings to prevent the fall
of wall panels under earthquake conditions consists of short slack cables connecting the
panel to the main structural element as shown for vertical panels in Fig. 5.

Fig. 3. Test on a hammer-head strap connection
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Considering that under earthquake conditions, after the possible failure of the
original fastenings, the motion of panels is completely out of control, this solution can
be used only for a quick upgrading of existing buildings in order to ensure their
operativeness for a transitory period, waiting for a more reliable intervention.

Folded steel plates can be used, instead of the too rigid steel angles, in existing
buildings to retrofit or upgrade the connections of horizontal panels to the structure (see
Fig. 6). They ensure a good elastic and plastic deformability able to avoid the very high
force response to the seismic action proper of the stiff wall systems. The installation of
the steel folded plates doesn’t require any special care for tolerances since they can be
shaped in site on the existing situation and attached to column and panel with
post-installed drilled fasteners.

Fig. 4. Cyclic behaviour of hammer-head strap

Fig. 5. Anti-fall restrainers
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Folded steel plates can be effectively used also in new constructions. Figure 7
shows the use of folded steel plates for the connection of horizontal panels to the
adjacent columns. Any panel is seated on a couple of steel brackets that ensure a
vertical support independently from the other panels. Four folded steel plates are then
fixed at the corners providing full translational restrains in all directions with a
hyperstatic overall arrangement.

In the in-plane horizontal direction the folded plates have the elasto-plastic beha-
viour described in Fig. 8. In the vertical direction they can add a fixed bilateral restrain
or leave a displacement freedom depending on the type of fastening on the column. The
elastic deformability in the horizontal direction can attenuate the effects of thermal
expansion.

Fig. 6. Folded plate angle

Fig. 7. Use of folded plates in horizontal panels
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4 Isostatic Connection System

In order to ensure the pure frame behaviour of the resisting structure, the connection
system of the wall panels shall actually allow without reaction the large displacements
of the frame structure under seismic action, except for possible minor unintended
reaction effects due to friction or sealing. In this case one shall adopt sliding connection
devices with adequate capacities (such as ±150 mm or greater) or pinned connectors
for free rotations.

It should be stated beforehand that at present the isostatic systems, adapted for
seismic purposes as described below, are of easy application with a sufficient reliability.

Considering that the vertical panels are placed over the foundation beam, to which
they transmit their weight, and are supported horizontally by the roof beam with
connections placed close to the top, the arrangements to obtain an isostatic connection
system for these panels are those shown in Fig. 9. The first solution adopts hinged
lower and upper supports so to have a pendulum behaviour for any single panel (see
Fig. 9a). The second solution adopts fixed supports at the base of the panels and two
sliding connections to the structure at the upper position so to have a cantilever
behaviour uncoupled from the structure (see Fig. 9b). The third solution adopts a
simple seating of the panels on bearings placed at the two edges of the base side
together with a hinged connection to the structure at the upper position so to have a
rocking behaviour for large displacements (see Fig. 9c). For all the three solutions, in
the out-of-plane direction the panels are supported with an isostatic pendulum scheme
(see Fig. 9d).

In the pendulum arrangement (Fig. 9a), for a given top displacement d the adjacent
vertical sides of the panels display a relative slide of bd/h where h is the height of the
upper support and b is the width of the panels. In the meantime the two adjacent sides
get closer by a minor quantity that requires in any case a free spacing between the
panels (few millimetres) closed by the sealant. The sealing between the adjacent panels
may give a minor reaction to the motion that can be neglected. The rotating base
supports of the panels may display a friction reaction to the motion that has very small
(negligible) dissipative effects on the seismic response. Since only vertical compression

Fig. 8. Cyclic test on folded plate angle
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forces are expected at the base supports, these can consist of simple seatings able to
provide only an unilateral restraint in the vertical downwards direction. To allow for
thermal expansion, the upper supports may be made of one or two lateral vertical slide
channel bars able to transmit only horizontal forces.

The cantilever arrangement (Fig. 9b) keeps the panels still during the motion of the
structure because of the horizontal slide channel bars placed at the upper position. To
allow for thermal expansion vertical channel bars may be coupled to the horizontal
ones (one in the beam and one in the panel). Sensible friction effects may arise due to
the contemporary orthogonal forces caused by the biaxial vibratory motion. The base
support of the panels can be provided with reinforcing bars protruding from the bottom
and anchored by bond within corrugated sleeves inserted in the foundation and filled
with no-shrinking mortar. Other types of dry mechanical connections may be adopted
for the base support of the panels.

The rocking arrangement (Fig. 9) consists of the seating of the panels on the
foundation through unilateral bearings that work only in compression. The two edges
of the base side of the panel alternatively rise up during the rocking. Small horizontal
actions applied to the upper connection of any single panel are equilibrated by its
weight until they are �Gb/(2h), where G is the weight of the panel, b is its width and
h is the height of the applied horizontal action. In this condition the panels behave as
integrated in the structure that becomes a dual wall-frame system with a much higher
global stiffness. Under seismic action therefore the reacting system has an initial high
horizontal stiffness that decreases when that limit is overcome and the panels begin to
rock, behaving as isostatic. In the rotated position the panel, seated in its edge active
bearing, provides a stabilizing constant horizontal force H = Gb/(2h). At the reverse
motion the panel seats back again on the two base lateral bearings restoring its initial
stable equilibrium. The analysis of such vibration motion requires calculation codes
with refined algorithms for the solution of the non linear equations.

The horizontal panels are connected externally to the adjacent columns to which
they transmit their weight, being restrained horizontally by the same connections. The
lowest panels can be seated directly with their weight on the foundation elements.

Fig. 9. Isostatic connection systems of vertical panels
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In this paper only the isostatic hanging (see Fig. 10a) and seated (see Fig. 10b)
equivalent solutions are considered. The superimposed panels shall have a free spacing
at the joint between the adjacent sides to allow the relative slide motion without
friction. This joint is sealed with proper material (silicone) that may introduce a minor
reaction effect. Any single panel is provided by two upper or lower vertical supports
placed at the ends and fixed to the columns. One of them provides also the horizontal
restrain in the plane of the panel. To allow for thermal expansion, the opposite one
gives no horizontal reaction in the plane of the panel. At the opposite lower or upper
side two couples of sliding connections are placed allowing the free horizontal and
vertical displacements. All the four corner connections provide a fixed horizontal
support orthogonal to the panel.

For buildings with isostatic arrangements of wall panel connections, the structural
analysis under seismic action can refer to the frame system following the current design
practice of such structures.

5 Integrated Connection Systems

In the integrated system the connections of each panel are arranged with a hyperstatic
set of fixed supports. With this arrangement of connections the panels participate to the
seismic response of the structure within a dual wall-frame system which has a much
higher stiffness and a lower energy dissipation capacity compared to a pure frame and
this leads to a structural seismic response with higher forces and lower displacements.
The panel connections shall be proportioned by consequence, not with a local calcu-
lation based on the mass of the single panel, but from the analysis of the overall
structural assembly with its global mass.

The adoption of an integrated system has also some side effects such as those of a
strong engagement of the floor diaphragm action necessary to take the inertia forces of
the floors to the lateral resisting walls. This can lead to very high joint forces.

Fig. 10. Isostatic connection systems of horizontal panels
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A typical hyperstatic arrangement of connections is shown in Fig. 11 for vertical
panels. Four fastenings are used, one for each corner, the lower two attached to the
bottom foundation beam with fixed connections, the upper two attached to the top
beam with vertically sliding connections that allow the free thermal expansion of the
panel. With this arrangement any panel acts as a vertical cantilever beam clamped at its
bottom and pinned at its top.

Different types of base fixed connecting mechanisms can be adopted, like the
connections with protruding bars, with bolted shoes and with bolted plates. Indepen-
dently from the type of connection, a gap should be left during construction between
the panel and the supporting beam, which is filled with high strength, non-shrinking
grout after mounting the panels. The purpose of this bed of mortar is to form a uniform
contact between the panel and the supporting beam, necessary to ensure friction and
prevent sliding.

Due to the large in-plane stiffness of the panels in their integrated arrangement,
significant internal forces can develop during strong earthquakes. Openings in the
panels reduce their local strength and, therefore, appropriate resistance verifications
should be performed.

Figure 12 shows a hyperstatic arrangement of connections for horizontal panels.
Four fixed fastenings are used, one for each corner, attached to the contiguous columns.
With this arrangement any panel acts as a horizontal beam clamped at its ends.

Fig. 11. Integrated connection system of vertical panels

Fig. 12. Integrated connection system of horizontal panels

90 A. Colombo and G. Toniolo



In case of horizontal panels, the fixed connections applied to the columns affect
significantly their deformation during earthquakes, inducing the development of high
local forces. Additionally, the insertion of adequate fastening devices in the reduced
dimensions of the columns without endanger their resistance could be a difficult
construction problem. For these reasons horizontal panel arrangement in integrated
systems are not recommended.

6 Dissipative Connection Systems

Between the two extreme solutions of isostatic systems, with their large displacement
demand, and integrated systems, with their high force demand, the dissipative systems
of cladding connections offer an intermediate solution able to keep displacements and
forces within lower predetermined limits.

In this section two structural arrangements are considered, one for vertical panels
and one for horizontal panels. Actually in Sect. 3 a third arrangement has been pre-
sented, again for horizontal panels and the use of folded plates angles.

For vertical panels, starting from the isostatic pendulum arrangement of fastenings
of Fig. 9a, a number of dissipative mutual connectors are added between the panels,
opposing the relative slide at their vertical joints. Figure 13a shows this solution where
the zig-zag lines indicate the position of the inter-panel dissipative devices. An
equivalent solution, with an lower energy dissipation efficiency, can be obtained
starting from the isostatic rocking system of Fig. 9c.

For horizontal panels, starting from the isostatic hanging arrangement of fastenings
of Fig. 10a, a number of dissipative mutual connectors are added between the panels,
opposing the relative slide at their joints. An equivalent solution can be obtained
starting from the isostatic seated arrangement of Fig. 10b.

(a)                                         (b)

Fig. 13. Dissipative connection arrangements (a) for vertical, (b) for horizontal panels
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The dissipative devices considered in this paper are the friction based connectors,
the multi-slit plates and the steel cushions.

The friction devices are made of two steel T shape parts that are fixed with a
symmetrical set of bolted fasteners to the adjacent panels in special recesses and
coupled with two lateral bolted steel plates, as shown in Fig. 14. The length of the
slotted holes made in the web of the T shape profiles gives the limit to the reciprocal
slide between the parts. The tightening torque given to the bolts, controlled by
dynamometric wrench, activates the friction between the plates determining the slip
threshold shear force. Two brass sheets are interposed between the steel plates and the
profiles to ensure the stability of the repeated slide cycles.

A centred longitudinal shear is transmitted through this device, limited to the
threshold value. The cyclic dissipative behaviour is shown by the experimental diagram
of Fig. 15; it can be represented with a good approximation by a rigid-pseudo plastic
model. After a strong friction engagement the bolts shall be released for re-centring of
the structure and re-tightened; the same steel plates and brass sheets can be re-used with
the same potential behaviour.

Fig. 14. Friction based dissipative devices

Fig. 15. Force-displacement cycles for friction devices
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The multi-slit devices considered in this paper have a composition similar to the
friction devices, where the two lateral solid steel plates used in the latter devices are
replaced by as many lateral plates provided with slits of various shapes and sizes. The
slits isolate a number of slender strips and in this way move the shear behaviour of the
solid plates to a flexural diffused behaviour of the single strips which is suitable for
energy dissipation (see Fig. 16).

The cyclic dissipative behaviour is shown by the experimental diagram of Fig. 17;
it can be represented with a good approximation by a bi-linear hardening model. After
significant plastic deformations, the multi-slit devices shall be removed for re-centring
the structure and replaced with new ones.

The steel cushions considered in this document are made of a flattened ring-shape
plate that is fixed with central fasteners to the adjacent panels in special recesses as
shown in Fig. 18a. They can be utilized wherever multi-slit and friction devices are
used. They can transmit longitudinal shear forces with the deformation mechanism
described in Fig. 18b.

Fig. 16. A type of multi-slit dissipative device

Fig. 17. Force-displacement cycles for multi-slit devices

Design Guidelines for Precast Structures with Cladding Panels in Seismic Zones 93



The cyclic dissipative behaviour is shown by the experimental diagram of Fig. 19;
it can be represented by an approximate bi-linear hardening model or by more accurate
algebraic curves. After significant plastic deformations, the steel cushions shall be
removed for re-centring the structure and replaced with new ones.

With reference to vertical panels, in terms of roof drift dx of an one-storey building,
the relative slide play ±sz between two adjacent panels (see Fig. 20) leads to dx =
±szh/b that, for the common dimensions of the panels, corresponds to about three times
its value.

(a)                                 (b)

Fig. 18. Steel cushion and its deformation mechanism

Fig. 19. Force-displacement cycles for steel cushions
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Figure 21 shows the forces transmitted between the panels and the frame structure,
where (a) is the end panel that transmits a relevant vertical force to the foundation,
(b) is an internal panel that exchanges vertical shear forces at both sides.

The horizontal resistance contributions can be deduced from the rotation equilib-
rium in terms of the shear V transmitted by the joint connections:

H0 ¼ V b/ 2hð Þ H ¼ V b=h

If V is the threshold force of the rigid-pseudo plastic model of a friction dissipative
device, the sum F of these horizontal forces corresponds to the maximum response of
the structure. Compared to the maximum response Fmax of the integrated dual

dx dx

h

b/2 b/2

sz/2sz/2

Fig. 20. Displacement mechanism of vertical panels

(a)                                  (b)
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Fig. 21. Forces applied to (a) end panel, (b) internal panel
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wall-frame system, where the initial high stiffness is given by the large walls with fixed
panel connections, this response leads to the required reduction (behaviour) factor

q ¼ Fmax= F

The calculation of Fmax can be referred to the total vibrating mass of the building
and to the maximum spectral response of the site. The equation above can be used
to proportion the dissipative devices in number and strength assuming a proper
(conservative) value of the q factor.

7 Conclusions

Recent earthquakes pointed out the often inadequate fastening systems of cladding
panel to the main structure. For this residual weak point the last European research
project Safecladding developed the proper design criteria, indicating the possible
solutions of isostatic, integrated or dissipative connections. The first one is the simplest
to be applied with the use of available products. The second solution draws very high
seismic forces in the structural joints and need new improved connection devices. The
third solution is at present out of the current construction experience, but it seems very
promising for an effective application. The experience in the new constructions of these
solutions will solve the questions still open for a generalised routine praxis.
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Abstract. This paper is intended as a practice-oriented contribution about the
use of sustainable Fiber-Reinforced Concrete (FRC) in the design of structural
members according to the provisions of the current codes and guidelines. More
specifically, the work focusses on Hybrid Industrial/Recycled Steel Fiber-Rein‐
forced Concrete (HIRSFRC) realised by combining tailored Industrial Steel
Fibers (ISFs) with Recycled Steel Fibers (RSFs), the latter being obtained by
recycling waste pneumatic tyres. First, the results of a series of experimental tests,
carried out for characterising the behaviour of the aforementioned materials, are
summarised. They are specifically considered for evaluating the parameters that
are generally considered for describing the post-cracking response of FRC. Then,
a parametric analysis on the sectional behaviour of beams made of the aforemen‐
tioned HIRSFRCs is proposed: this is intended at highlighting the influence of
the material behaviour on the ultimate bending moment and curvature of struc‐
tural members.

Keywords: Hybrid-FRC · Fracture · Recycled Steel Fibers · Waste tyres
Constitutive Laws · Structural design

1 Introduction

In recent years the disposal of exhaust tyres has emerged as a big issue in waste manage‐
ment (Tchobanoglous and Kreith 2002) and the increasing amount of these waste
actually constitutes a serious threat for both environment and human health (Sienkiewicz
et al. 2012). Moreover, based on the “Council Directive 1999/31/EC” of the European
Commission on the Landfill of Waste, as of 2003 post-consumer “whole tyres” could
no longer be landfilled and, since July 2006, such regulations must be applied to both
“whole” and “shredded” tyres (EU Directive 1999/31/EC).

Therefore, there are strong motivations for recycling these waste, as they can be
easily turned into a eco-friendly source of secondary raw materials (Sharma et al.
2000). In fact, recycling processes of waste tyres mainly consist of separating the internal
steel reinforcement from the rubber covering. Hence, rubber scraps and short steel fibers
can be generally obtained by these processes and can be utilised in several valuable
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applications. Particularly, they can be used as concrete components in partial-to-total
replacement of the ordinary constituents (e.g., natural aggregates and industrial fibers,
respectively). On the one hand, rubber scraps find an interesting field of application as
a partial replacement of ordinary stone aggregates for obtaining the so-called “rubber‐
ized concrete” (Centonze et al. 2012). On the other hand, recycled fibers can be poten‐
tially used in substitution of the industrial ones, commonly employed for producing
Fiber Reinforced Cementitious Composite (FRCC) (Yung et al. 2013).

As a matter of fact, adding a small fraction (usually in the order of 0.5–1.0% in
volume) of short fibers, during mixing, results in enhancing the toughness in the post-
cracking response of cementitious materials, as those fibers induce a bridging effect
across the opening cracks and, hence, a positive influence on their propagation (Naaman
and Reinhardt 2006).

However, the fibers, employed in FRCC, need to have good mechanical properties,
be easy to spread in concrete mixtures and durable when embedded into cementitious
matrices (Qian et al. 2003). Many types of fibers (i.e., made of steel, glass, natural
cellulose, carbon, nylon, polypropylene, etc.) have been used in FRCC and are widely
available for commercial applications (ACI-544.1 1996). A total of 60 million tons of
these kinds of fibers are currently employed every year around the world, and, then, their
production requires a huge amount of raw materials (Bartl et al. 2005). Therefore, Recy‐
cled Steel Fibers (RSFs) obtained from waste tyres could contribute to reducing this
demand. Particularly, they can directly be utilised as a dispersed reinforcement in
concrete to obtain a material that could be designated as Recycled Steel-FRC. In this
regards, some pioneer researches already demonstrated the feasibility of these applica‐
tions (Aiello et al. 2009).

Besides the research already available in the literature about the material-scale
behaviour of Hybrid Industrial/Recycled Steel Fiber-Reinforced Concrete (HIRSFRC),
this paper is intended as a practice-oriented contribution about the use of these cemen‐
titious composites in the design of structural members according to the provisions of the
current codes and guidelines. First, the results of a series of experimental tests, carried
out for characterising the behaviour of the aforementioned materials, are summarised.
More specifically, starting from a FRC mixture with 0.5% (in volume) of Industrial Steel
Fibers (ISFs), three more mixtures were prepared by replacing 25%, 50% and 100% in
weight of such fibers with an equal amount of RSFs. Therefore, the mechanical behav‐
iour of conventional Steel (S)-FRC was observed in comparison with the one of both
Hybrid Industrial/Recycled Steel Fiber-Reinforced Concrete (HIRSFRC) and RSFRC.
The experimental work consisted of compression and four-point bending tests on
notched beam specimens according to UNI-11039-1 (2003) and UNI-11039-2 (2003).
They are specifically considered for evaluating the parameters that are generally consid‐
ered for describing the post-cracking response of FRC. Then, a parametric analysis on
the sectional behaviour of beams made of the aforementioned HIRSFRCs is proposed:
this analysis is intended at highlighting the influence of the material behaviour on the
ultimate bending moment and curvature of structural members. Thus, this work prelimi‐
narily describes the key geometric and mechanical properties of the RSFs employed in
this research (Sect. 2) and the mechanical behaviour of the analysed HIRSFRC (Sect. 3).
After this, final considerations to briefly explain the main concepts behind the structural
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rules of FRCC in structural designs are outlined in Sect. 4 of this work. Final concluding
remarks are reported in Sect. 5.

2 RSF from Waste Tyres

A quantity of 15 kg of RSFs was examined to obtain a comprehensive description of
both their geometry and mechanical properties (Fig. 1). It is worth mentioning that, due
to the possibility that fibers could derive from different recycling plants and/or countries,
it is largely accepted in the literature that a specific identification is necessary to inves‐
tigate the expected variability of both geometrical and mechanical properties for the
employed RSF (Aiello et al. 2009).

a) Geometric study b) Direct tensile test c) Pull-out

Fig. 1. Geometric and mechanical characterisation of RSF

As a result of the shredding and separation processes, RSFs under consideration have
variable diameters and lengths, and often are characterised by irregular shapes with curls
and twists. Therefore, the description of the main geometric parameters of these fibers
deserved a dedicated investigation. Particularly, mechanical characterisation tests on
RSF through tensile and pull-out tests were carried out at the Laboratory of Materials
and Structures (LAME) of the University of Buenos Aires (Argentina). For the sake of
brevity these results are omitted in this work, as they are available in Caggiano et al.
(2015).

3 Experimental Tests

3.1 Materials and Methods

The results reported in this section were obtained from experimental tests performed
according to UNI-11039-1&2 (2003).

FRC specimens tested in this study were prepared by adopting a unique mixture for
the concrete matrix, which was also employed for preparing the plain concrete
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specimens considered as a reference (labelled as REF). This mixture was designed for
a mean cubic compressive strength of 40 MPa target 28 days and prepared by using
crushed limestone aggregates with a maximum aggregate size of 20 mm according to
EN-12620 (2002), a constant cement content of 320 kg/m3 and a free water-to-cement
ratio w/c of 0.51 (Martinelli et al. 2015).

Wirand Fibers (type FS7), hereafter referred to as ISFs, were considered in this study
along with the RSFs. The relevant geometric and mechanical properties of ISFs are listed
in the following: lf = 33 mm (fiber length), df = 0.55 mm (nominal diameter), AR = 60
(aspect ratio), number of fibers per kg  = 16100, ft > 1200 MPa (failure strength in
tension) and εu ≤ 2% (ultimate strain).

The concrete mixtures were prepared by mean of a laboratory mixer. Both coarse
and fine aggregates were saturated and mixed; subsequently, cement, fibers and, finally,
a super-plasticiser were added. The REF mixture was designed for a target slump value
of 150–180 mm: a value of 175 mm was actually measured at fresh state. Moreover, the
cementitious matrix composition of all FRC specimens was kept fairly unchanged; only
the super-plasticiser quantity was slightly adjusted for controlling the influence of fibers
on the resulting workability.

Three cube samples of 150 × 150 × 150 mm3 and beam specimens of 150 × 150 ×
600 mm3 (Fig. 2) were cast in polyurethane moulds and duly vibrated. One of the cubic
samples (labelled as “white”) was extracted from each mixture before fiber mixing: it
was tested in compression and compared with the corresponding FRC samples with the
aim to observe the actual contribution of fibers on the compressive strength in each
different mixture. After 36 h the concrete samples were demoulded. Then, the hardened
beam samples were notched (through a 2.0 mm wide-slit) of 45 mm depth and starting
from the bottom surface of the sample. Moreover, all concrete specimens were cured in
a water bath (100% humidity), at a constant temperature of 22 °C, up to reach the 28
days of curing.

 

15
0 

m
m

45
 m

m

450 mm

150 mm
Crack Tip Opening
Displacement (CTOD

150 mm

Fig. 2. 4-point bending test: geometry of the notched beam

Four FRC mixtures were prepared, always using 0.5% of fibers in volume of matrix,
also combining the aforementioned ISFs and RSFs:

– RSFRC 0-05 with only ISFs (RSFs = 0%);
– RSFRC 25-05 with 25% of ISFs replaced by an equal amount of RSFs;
– RSFRC 50-05 with 50% of ISFs replaced by an equal amount of RSFs;
– RSFRC 100-05 with all RSFs.
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Table 1 outlines the experimental programme reported in this paper. Four-point
bending tests of notched beams were performed in displacement control (having
displacement rate of 0.005 mm/s). Relevant load and displacement quantities were
measured and recorded during all tests. Particularly, the crack-tip opening displacements
were measured by means of dedicated transducers that monitored the relative displace‐
ments of the two sides of the notch tip. Furthermore, compressive tests were performed
according to EN-12390-3 (2009) for measuring the cubic compressive strength of the
SFRCs at the time of testing.

Table 1. Mixture and specimens.

Mix label Compression (28 days) Four-point bending test (28
days)

“REF” 3 3
RSFRC 0-05 3 3
RSFRC 25-05 3 3
RSFRC 50-05 3 3
RSFRC 100-05 3 3

3.2 Experimental Results

The results of compression tests are summarised in Table 2 reporting the average values
of strengths obtained from cubic samples of the plain concrete and FRC mixtures
considered in this study. As widely documented in the scientific literature, no significant
difference was observed in terms of compressive strengths of both the so-called ‘‘white’’
and SFRC specimens. This means that, at least for the volume fraction considered in
this study, the resulting compressive strength of FRC is mainly controlled by the matrix
properties. Conversely, fibers only play a role in the post-cracking regime.

Table 2. Cubic compressive strengths in each mixture

Mix label fc,cube at 28 days [MPa]
White SFRC (mean of two)

REF 42.59 (mean of three)
RSFRC 0-05 40.57 39.01
RSFRC 25-05 36.42 36.52
RSFRC 50-05 36.89 36.74
RSFRC 100-05 36.69 37.37

Four-point bending tests were performed with the aim of characterising the post-
cracking behaviour of HIRSFRC samples: UNI-11039-1&2 (2003) provisions were
taken into account for this purpose.

Figure 3 reports the experimental curves of the vertical load, P, versus the corre‐
sponding Crack Tip Opening Displacement (CTODm) curves, obtained in the tests:
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CTODm represents the mean of the two opposite CTOD measures. Based on the exper‐
imental evidence, the post-cracking response in bending of FRC specimens reinforced
with only ISFs was characterised by a significant toughness (Fig. 3a).

The effect of replacing increasing amount of ISFs with an equal quantity of RSFs
can be easily understood by analysing the curves depicted in Fig. 3. The post-cracking
behaviour of FRC is generally characterised by a more pronounced softening range in
specimens with a greater quantity of RSFs in substitution of ISFs. This is a result of the
lower efficiency of the RSFs with respect to the I- ones, which are specifically designed
to exhibit a good interaction with the concrete matrix. Particularly, recycled fibers are
not straight, have no hooks and have (generally) lower aspect ratios: these are the main
reasons explaining the (expected) decay resulting from replacing part (to total) of ISFs
with an equal amount (in weight) of RSFs.

The steeper slope of the post-peak response observed for RSFRC 25-05 (Fig. 3b) is
clearly due to the fact that the recycled fibers employed in those specimens need a wider
crack opening for mobilising their bridging effect. The post-peak slope is even steeper
for RSFRC 50-05 (Fig. 3c) and RSFRC 100-05 (Fig. 3d) where the actual volume frac‐
tion of RSF is even higher. Nevertheless, a significant increase in toughness can be
observed for all FRC specimens with respect to the significantly brittle behaviour char‐
acterising the post-cracking response of the plain concrete.

3.3 Analysis of the Results

Three representative parameters, defined by UNI-11039-2 (2003), can be evaluated and
compared for the FRC mixtures under investigation, with the aim of identifying and
describing their post-cracking response. They are defined as the first crack strength (flf)
and two equivalent post-cracking strengths: (i) the first flexural strength (feq(0–0.6)) corre‐
sponds to a CTOD ranging between CTOD0 and CTOD0 + 0.6 mm which is supposed
to be relevant for the Serviceability Limit State, whereas (ii) the second one (feq(0.6–3.0))
refers to a CTOD ranging between CTOD0 + 0.6 and CTOD0 + 3.0 mm which is rather
significant for the Ultimate Limit State (di Prisco et al. 2009). CTOD0 represents the
CTOD corresponding to the peak load of the reference (plain concrete) specimen.

According to UNI-11039-2 (2003), the first crack strength values, flf, defining the
post-cracking response of HIRSFRC, was evaluated as:

flf =

Plf ⋅ l

b ⋅

(
h − a0

)2 (1)

where Plf represents the first crack load; b, h and l are the width, height and length of
the beam, respectively, and a0 represents the notch depth.

Figure 4 shows the comparisons of the mean values of first crack strength and the
two equivalent crack resistances, defined in standard CTODm ranges above defined. The
following quantities, known as “equivalent crack strengths” are defined as follows:
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Fig. 3. Vertical force vs. CTODm curves.

104 L. Vistos et al.



feq(0−0.6) =
l

b ⋅

(
h − a0

)2 ⋅

U1

0.6 (2)

feq(0.6−3.0) =
l

b ⋅

(
h − a0

)2 ⋅

U2

2.4 (3)

being U1 and U2 work capacity measures calculated according to UNI-11039-2 (2003).

RSFRC 0-05 RSFRC25-05 RSFRC50-05 RSFRC100-05
flf 3.84 3.42 4.24 4.45
feq(0-0.6) 3.27 2.57 2.64 2.67
feq(0.6-3.0) 2.78 2.19 2.07 1.37
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Fig. 4. First crack, flf, and equivalent crack resistances, feq(0–0.6) and feq(0.6–3.0)

As a matter of principle, the quantities U1 and U2 represent the area enclosed under
the P-CTOD curves between the range [CTOD0, CTOD0 + 0.6 mm] and [CTOD0 + 0.6,
CTOD0 + 3.0 mm], respectively. These results show that, as expected, all specimens,
reinforced with a total amount of 40 kg/m3 of steel fibers (equivalent to 0.5% in fiber
volume fraction), mainly exhibit a crack-softening behaviour in the post-cracking
regime.

Ductility indices can be considered as further objective measures of the fiber bridging
actions and the following ductility measures were calculated:

D0 =
feq(0−0.6)

flf

and D1 =
feq(0.6−3.0)

feq(0−0.6)
. (4)

Figure 5 reports the values of ductility indices (defined by Eq. 4) for the various
tested beams. According to the classification of the UNI-11039-1 (2003), all the cemen‐
titious composites, tested in this experimental campaign, can be classified as “crack-
softening” media, as both D0 and D1 < 1.
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Fig. 5. Indices of the ductility D0 and D1
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Finally, it is worth highlighting that UNI-11039-1 (2003) states that the D0 index
should not be lower than 0.5 for a FRC to be used in structural applications. Based on
this criterion, Fig. 5 shows that all SFRC mixtures, even the one reinforced with only
RSFs, can be considered as a structural fiber reinforced cementitious material.

4 Applications in Design

This section deals with outlining the design guidelines of FRC members under bending
(with or without axial force) according to the provisions of the EN 1992-1-1 (2004)
combined with the CNR DT 204 (2006) guidelines.

4.1 Constitutive Laws for Limit State Analyses

The following assumptions are considered for determining the ultimate moment resist‐
ance of fiber-reinforced concrete cross-sections:

1. Cross-sections in bending remain plane.
2. Strains in bonded rebars, whether in tension or compression, are the same as that of

the surrounding FRCC (perfect adherence).
3. Stresses of FRCC in compression are derived from the design stress/strain relation‐

ship of ordinary (plain) concrete according to EN 1992-1-1 (2004).
4. Stresses of the reinforcing steel are derived from the design curves (EN 1992-1-1

2004).
5. The stress-crack opening law in uniaxial tension is defined for the post-cracking

range of FRCC according to CNR DT 204 (2006).

Since points 1–4 of the above assumptions are largely employed in the calculation
procedure of classical RC section, the discussion will be mainly focused at describing
the stress-crack opening law of FRCC in tension (point 5). Particularly, two alternative
stress-crack opening relationships, as proposed in Fig. 6, are alternatively suggested by
the CNR DT 204 (2006) for the Ultimate Limit States (ULSs):

• a rigid-plastic model, based on a unique reference strength, fFtu:

fFtu =
feq2

3
(5)

• and a rigid-linear post-cracking model (hardening, perfectly plastic or softening),
formulated by means of two strength values: i.e., fFts and fFtu, respectively (Fig. 6):

fFts = 0.45 ⋅ feq1 (6)

fFtu = k ⋅

[
fFts −

wu

wi2
⋅

(
fFts − 0.5 ⋅ feq2 + 0.2 ⋅ feq1

)]
≥ 0 (7)
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Fig. 6. Simplified constitutive stress-crack opening rules (CNR DT 204 2006)

where feq1 and feq2 are post-cracking strengths significant for the Serviceability (SLS)
and ULS analyses, respectively.

For evaluating the feq1 and feq2 equivalent resistances, the following expressions must
be used:

feq1 = feq(0−0.6) (8)

feq2 = feq(0.6−3.0) (9)

being feq(0–0.6) and feq(0.6–3.0) the equivalent crack resistances outlined in Sect. 3.
Further details about the post-cracking behaviour of FRCC, the partial safety factors

(γF in Fig. 7), the k coefficient, the crack widths wi2 and wu of Eq. (7) and the evaluation
of the characteristic values (at 5% fractile) of fFts and fFtu can be found in the CNR DT
204 (2006), UNI-11039-1&2 (2003) and EN 1992-1-1 (2004) codes. For the sake of
brevity these information are omitted herein.

Fig. 7. ULS for bending with axial force.

4.2 Analysis of the Results

This section reports some examples of ULS calculations referring to a rectangular cross
section in pure bending.

ULS, in the analysed examples, is reached when one of the following conditions is
obtained (Fig. 7):

• Attainment of the maximum compressive strain at the FRCC, εcu: stress-block model
was employed.
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• Attainment of the maximum tensile strain at the steel rebars, εsu. Two alternative
models were considered for this purpose: (i) the strain-hardening model according
to EN 1992-1-1 (2004), otherwise (ii) the elastic-perfectly plastic proposal consid‐
ered in the old Italian code DM 9-1-1996 (1996);

• Attainment of the maximum tensile strain in the FRCC, εFu.

The following geometric dimensions were considered for the transverse section: b
= 20 cm and h =  60 cm. Moreover, two cases accounting for different longitudinal
reinforcement contents were analysed: Asl = 3.52 (low ratio) and 14.73 cm2 (high ratio).
Moreover, the following materials were considered:

(i) plain concrete labelled as “RC - white”;
(ii) FRCC with 0.5% in volume fraction of industrial steel fibers (“RC + ISF100%”);

(iii) FRCC with 0.5% in volume fraction of recycled steel fibers (“RC + RSF 100%”);
(iv) FRCC with 0.5% in volume fraction of both ISFs and RSFs in equal weight

(labelled as “RC + (I/R) SF 50–50%”).

The design values of the FRCC compressive strength, fcd, and the characteristic
values of the equivalent post-cracking resistances, feq1,k and feq2,k, were calculated
following the experimental campaign reported in Sects. 2 and 3.

Starting from the design axial force NSd (which is null for the examples of pure
bending analysed in this work), the ultimate bending moment MRd and curvatures were
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Fig. 8. (a) Ultimate bending moment MRd and (b) curvatures considering a rigid-linear post-
cracking behaviour for the FRCC and εud = +0.9 εuk
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evaluated by imposing equilibrium conditions under the assumptions reported in the
above sections.

Figures 8, 9, 10 and 11 report the results obtained in this parametric study. As a
general comment, it can be highlighted that the steel rebars mainly control the value of
design bending strength MRd, whereas the contribution of fibers is generally much
smaller and, as expected, it is as marginal as the amount of rebars increases. A slight
reduction in MRd is generally obtained for the RC + (I/R)SF 50–50% case. This is due
to two combined effects: on the one hand, partial replacement of ISFs with RSFs leads
to a reduction in the “average” post-cracking branch in the response of RC + (I/R)SF
50–50% with respect to RC + ISF100%; on the other hand, the higher scatter observed
on RSFRC 50-05 (with respect to both RSFRC 0-05 and RSFRC 100-05) leads to char‐
acteristic values of the relevant parameters that are lower in RSFRC 50-05 than even
than RSFRC 100-05. Consequently, in all the series of results the values of MRd obtained
for the “hybrid” Industrial/Recycled-FRC are slightly lower than FRC having only ISFs
and/or RSFs.
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Fig. 9. (a) Ultimate bending moment MRd and (b) curvatures considering a rigid-linear post-
cracking behaviour for the FRCC and εud = +1.0%
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Fig. 10. (a) Ultimate bending moment MRd and (b) curvatures considering a rigid-plastic post-
cracking behaviour for the FRCC and εud = +0.9 εuk
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Fig. 11. (a) Ultimate bending moment MRd and (b) curvatures considering a rigid-plastic post-
cracking behaviour for the FRCC and εud = +1.0%
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Similar considerations can be done in terms of curvature, as no significant differences
generally arise between the cases considered in this study. However, a significant differ‐
ence only arises in the case of low amount of fibers, between the ordinary RC section
and the other ones made of FRC. Figure 8 shows that the former is capable of developing
an ultimate curvature significantly higher than the latter: this is a result of both the
position of the neutral axis and the assumption of an ultimate axial strain εud = +0.9
εuk in steel rebars (EN 1992-1-1 2004). However, as shown in Fig. 9, this result would
not be achieved, if a lower ultimate axial value of axial strain (i.e., εud = +1.0% by D.M.
9-1-1996) is assumed for steel rebars in tension.

Finally, the consequences of assuming rigid-linear or rigid-plastic post-cracking
response can be highlighted by comparing Figs. 8, 9 and Figs. 10, 11, respectively. This
comparison shows that assuming a rigid-plastic post-cracking response generally leads
to slightly more restrictive predictions: however, this is a desirable feature for a simpli‐
fied model.

5 Concluding Remarks

This paper addressed the mechanical behaviour of HIRSFRC at both material and struc‐
ture scales. First of all, the results of a series of experimental tests on this hybrid material
have been summarised with the aim to provide readers with both a general overview
about the mechanical behaviour of HIRSFRC and an estimation of the main parameters
that generally are considered in describing the post-cracking response of the materials
under consideration. Secondly, a parametric analysis has been developed for high‐
lighting the relationship between the material properties and design output, in the light
of the current codes and guidelines about FRC. The material characterisation pointed
out that HIRSFRC has potential for being used in structural applications. In fact, a
somewhat limited reduction in the ductility parameters has been observed, even in the
case of significant amount of RSFs employed in substitution of ISFs. The structure scale
analyses, conversely, have shed a concerning light on both the actual influence of FRCs
on the sectional response of RC beams. Hence, further researches are needed with the
aim to reach a better control of the influence of RSFs on the mechanical behaviour of
cementitious composites and a more consistent definition of Limit States in FRC beams.
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Comparison of Recent Code Provisions
for Punching Shear Capacity of R/C Slabs

Without Shear Reinforcement
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Abstract. In the last years the knowledge of the punching failure in R/C slabs
increased thanks to several scientific studies. The progress obtained in this field
is considerable, nevertheless achieved results are only taken into consideration
by few Codes. The most updated code is the Model Code 2010, which adopted
the Critical Shear Crack Theory (CSCT) for the punching shear capacity of R/C
slab-column connections. At the same time, the EC2 formulation for punching is
under revision, but the new formulation will not be available before three-four
years. In this paper, the authors discuss main code provisions (ACI, current EC2,
two proposals for revision of EC2, MC 2010, old Italian Recommendations) for
punching shear capacity of R/C flat slabs without shear reinforcement. Through
a parametric analysis, the authors investigate how each code takes into account
the influence of main variables, which come into play in the punching phe-
nomenon, on the evaluation of the punching capacity. Finally, results of each
code formulation are compared with different literature experimental data.

Keywords: Punching failure � Flat-slab � CSCT � EC2 revision

1 Introduction

A flat-slab is a two-way structure that bears and transfers vertical loads to columns.
This constructive system is often employed for multi-storey structures, used as offices
and carparks, because it allows to increase the span between columns reducing the floor
thickness. In other words it offers a greater flexibility in the choice of the internal layout
allowing to reduce the building height.

Starting from fifties, for constructive reasons, the flat-slab deck are usually built
without capitals. In this way the punching failure becomes predominant with respect to
the flexural failure. The punching failure is due to a shear-stress concentration along the
column’s perimeter and it is characterized by a collapse surface with a truncated cone
shape. This type of failure is rather brittle and it occurs without any warning sign. It is a
local mechanism but it could bring to a progressive collapse of the entire building. For
these reasons the punching issue is primary in the design of R/C flat-slab building. In
the last years the knowledge of this failure mechanism increased thanks to several
scientific studies. However, not all scientific results are adopted by international codes.
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The most updated code is the Model Code 2010 (fib 2010), which is grounded on the
Critical Shear Crack Theory (CSCT) (Muttoni 2008). Furthermore, the EC2 formula-
tion is under revision, but new provisions will not be available before three-four years.

2 Code Provisions

In this section the authors discuss main code provisions for the determination of the
punching strength in R/C flat-slabs without shear reinforcement. In particular a para-
metric analysis of main variables that come into play in the punching failure, is pre-
sented. Models can be divided into two categories: empirical or mechanical. With
regards to the first category, ACI 318 (ACI Committee 318 2014) and current version
of EC2 (CEN 2004) are dealt with, while for the second category the Model Code 2010
and two proposals for revision of EC2 are dealt with. The first proposal is empirical and
it has been developed at the Institute of Structural Concrete of RWTH Aachen
University in Germany (Hegger et al. 2016). The second proposal is grounded on the
CSCT (Critical Shear Crack Theory) and it has been developed at the EPFL in
Switzerland (Muttoni et al. 2016). Furthermore, old Italian Recommendations (DM96
1996) are also analysed, as they could turn out to be a useful tool for preliminary
design, although they can no longer be utilized for design purposes.

2.1 ACI 318 - 2014

ACI 318 formulation for punching of flat slabs is strictly empirical and its application is
very easy. For slabs without shear reinforcement, the punching strength is the smallest
of the three following values:

VACI;a ¼ 1
6
� 1þ 2

b

� �
�

ffiffiffiffiffi
fck

p
� b0;ACI �d ð1Þ

VACI;b ¼ 1
12

� aS �d
b0;ACI

þ 2
� �

�
ffiffiffiffiffi
fck

p
� b0;ACI �d ð2Þ

VACI;c ¼ 1
3

�
ffiffiffiffiffi
fck

p
� b0;ACI �d ð3Þ

where:

b is the ratio between long side and short side of the column;
fck is the characteristic compressive strength of concrete in MPa;
b0, ACI is the control perimeter set at d/2 from the border of the support region in mm;
d is the effective depth of the slab in mm;
as holds 40 for inner column, 30 for edge column and 20 for corner column;

Formulas (1) and (2) were developed to account for non-square columns and
different positions of the column (inner, edge or corner), respectively.
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2.2 EC2-2004

EC2 formulation is also strictly empiric, but unlike ACI 318 it takes into account the
flexural reinforcement ratio and size effects. Thus, the punching strength of flat slabs
without shear reinforcement is given as:

VEC2 ¼ max V 0
EC2;V

00
EC2

� � ð4Þ

where:

V 0
EC2 ¼ CRd;c � b0;EC2b

� d � k � 100 � ql � fckð Þ13 ð5Þ

V 00
EC2 ¼ mmin � b0;EC2 �d ð6Þ

CRd;c ¼ 0:18
cc

ð7Þ

b0,EC2 is the control perimeter set at 2d from the border of the support with circular
corners;

b is a coefficient that takes into account the eccentricity of the shear reaction; for
structures where the lateral stability does not depend on the frame action between
slabs and columns, and adjacent spans do not differ in length by more than 25%,
following approximate values for b can be used:

– b = 1.15 for inner columns
– b = 1.4 for edge columns
– b = 1.5 for corner columns

d is the effective depth of the slab in mm;
k is a factor accounting for the size effect:

k ¼ 1þ
ffiffiffiffiffiffiffiffi
200
d

r
� 2 ð8Þ

ql is the flexural reinforcement ratio; if ql is greater than 2%, ql is assumed equal
to 0.02:

ql ¼
ffiffiffiffiffiffiffiffiffiffiffiffi
qx �qy

p � 0:02 ð9Þ

(qx, qy: reinforcement ratio in x and y direction)

fck is the characteristic compressive strength of concrete in MPa;
mmin is the minimum punching shear strength:
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mmin ¼ 0:035 � k3=2 � fck1=2 ð10Þ

2.3 MC 2010 (MC)

Model Code 2010, like SIA 262–2003 (Swiss Society of Engineers and Architects
2003), is grounded on the Critical Shear Crack Theory (CSCT). The punching failure
depends on the slab rotation. For slabs without shear reinforcement, the punching
strength is defined as:

VMC ¼ kw �
ffiffiffiffiffi
fck

p
cc

� ke � b0;MC � dv ð11Þ
where:

kw depends on the slab rotation:

kw ¼ 1
1:5þ 0:9 � w � d � kdg � 0:6 ð12Þ

W is the slab rotation, defined in the following, depending on the approximation
level;
kdg is the factor accounting for the influence of aggregate size, defined as:

kdg ¼ 32
16þ dg

� 0:75 ð13Þ

dg is the maximum aggregate size in mm;
cc is the partial safety factor for concrete material properties
ke is a coefficient that takes into account the concentration of shear forces due to
moment transfer between the slab and supported area. In cases where the lateral
stability does not depend on frame action of slabs and columns, and adjacent spans
do not differ in length by more than 25%, following approximated values may be
adopted:

– ke = 0.9 for inner columns
– ke = 0.7 for edge columns
– ke = 0.65 for corner columns
– ke = 0.75 for corners of walls
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b0,MC is the control perimeter set at a distance of dv from the border of the support
region with circular corners in mm;
dv is the effective depth of the slab accounting for the effective level of the support
region (dv � d).

In this provision there are different levels of approximation. For each level a
different expression of the slab rotation is defined. The rotation has to be calculated
along the two main directions of the reinforcement.

Level I of approximation (LoA,I): “Fast pre-dimensioning”
For a regular flat slab designed according to an elastic analysis without significant
redistribution of internal forces, a safe estimate of the rotation failure is:

w ¼ 1:5 � rs
d

� fyd
Es

ð14Þ

where:

rs denotes the distance between the point where the radial bending moment is zero,
and the support axis. For regular flat slabs where the ratio of spans is between 0.5
and 2, rs can be calculated as the maximum of following values:

rs;x ffi 0:22 � Lx ð15Þ

rs;y ffi 0:22 � Ly ð16Þ

d is the effective depth of the slab;
fyd is the design yield stress of the flexural reinforcement;
Es is the Young modulus of the flexural reinforcement.

Level II of approximation (LoA,II): “Typical design of new structures”
In case where significant bending moment redistribution is considered in the design, the
slab rotation can be calculated as:

w ¼ 1:5 � rs
d

� fyd
Es

� mEd

mRd

� �1:5

ð17Þ

where:

mRd is the average flexural strength per unit length in the support strip (for the
considered direction);
mEd is the average moment per unit length for calculation of the flexural rein-
forcement in the support strip (for the considered direction);
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– for inner columns:

mEd ¼ VEd � 1
8
þ eu;i

�� ��
2 � bs

� �
ð18Þ

– for edge columns:

when calculations are made considering the tension reinforcement parallel to the
edge:

mEd ¼ VEd � 1
8
þ eu;i

�� ��
2 � bs

� �
� VEd

4
ð19Þ

or perpendicular to the edge:

mEd ¼ VEd � 1
8
þ eu;i

�� ��
2 � bs

� �
ð20Þ

– for corner columns:

mEd ¼ VEd � 1
8
þ eu;i

�� ��
2 � bs

� �
� VEd

2
ð21Þ

where:

eu,i is the eccentricity of the shear force resultant;
bs is the width of the support strip for calculating mEd, defined as: mEd, defined as:

bs ¼ 1:5 � ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
rs;x � rs;yp � Lmin ð22Þ

Level III of approximation (LoA,III): “For special design cases or for analysis of
existing structures”
This level of approximation is recommended for irregular slabs or for flat slabs where
the ratio of span lengths is not included between 0.5 and 2.

The coefficient 1.5 used in previous equations can be replaced by 1.2 if:

– rs is calculated using a linear elastic (un-cracked) model
– mEd is calculated from a linear elastic (un-cracked) model as the average value of the

moment for design of flexural reinforcement over the width of the support strip bs
– bs can be calculated as in level II, taking rs,x and rs,y as the maximum value in the

investigated direction.
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Level IV of approximation (LoA,IV): “For special design cases or for more detailed
assessment of existing structures”
The rotation w can be calculated on the basis of a non-linear analysis of the structure
and accounting for cracking, tension-stiffening effects, yielding of the reinforcement
and other non-linear effects relevant for providing an accurate assessment of the
structure.

2.4 RWTH Proposal for Revision of EC2

In the proposal for revision of EC2 developed at RWTH Aachen (Hegger et al. 2016),
the punching shear strength is calculated similarly to the current EC2 formulation. The
only substantial difference is given by the presence of the coefficient kk accounting for
the influence of column size and shear slenderness:

VRd ¼ maxðV 0
RWTH ;V

00
RWTHÞ ð23Þ

V 0
RWTH ¼ CRd;c � b0;RWTH:

b
� dv � kd � kk � 100 � ql � fckð Þ1=3 ð24Þ

V 00
RWTH ¼ mmin � b0;RWTH � dv ð25Þ

where:

CRd;c ¼ 1:8
cc

ð26Þ

kd is a coefficient accounting for the influence of size effects:

kd ¼ 1þ dv
200

� ��1
2

ð27Þ

kk is a coefficient accounting for the influence of column size and shear slenderness:

kk ¼
ak
dv

� u0
dv

� ��1
5

ð28Þ

ak/dv is the shear span-depth ratio;
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ak is the distance between the edge of the loaded area and the line of contraflexure;
for non-symmetric cases ak can be calculated as:

ak ¼ ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
ak;y � ak;zp ð29Þ

u0/dv is the specific column perimeter;
ql is the flexural reinforcement ratio:

ql ¼
ffiffiffiffiffiffiffiffiffiffiffiffi
qy � qz

p �min 0:02; 0:5 � fcd
fyd

� �
ð30Þ

fck ðfcdÞ is the characteristic (design) compressive cylinder strength of concrete in
MPa;
fyd is the design yield stress of steel in MPa;
dv is the shear-resisting effective depth of the control section in mm;
b0,RWTH is the control perimeter set at 0.5d from the border of the support region
with circular corners.

As regards mmin and b, they assume the same values as in EC2-2004.

2.5 EPFL Proposal for Revision of EC2

The proposal for revision of EC2 developed at EPFL in Switzerland (Muttoni et al.
2016) is a closed-form formulation based on the Critical Shear Crack Theory (Muttoni
2008).

The punching shear strength is calculated as:

VEPFL ¼ 1
cc

� b0;EPFL
b

� dv � ku � 100 � ql � fck � ddgrs

� �1=3

ð31Þ

VEPFL � 0:55
cc

�
ffiffiffiffiffi
fck

p
� dv � b0;EPFL ð32Þ

where:

ku ¼ 8 �
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
b � d

b0;EPFL

s
� 2:0 ð33Þ

b is a parameter accounting for concentrations of shear forces due to acting moment
transfer between slab and supported area; in cases where the lateral stability does
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not depend on frame action of slabs and columns and where adjacent spans do not
differ in length more than 25%, following approximated values may be adopted:

– b = 1.15 for inner columns
– b = 1.4 for edge columns
– b = 1.5 for corner columns
– b = 1.35 for corners of walls

fck is the characteristic compressive cylinder strength of concrete in MPa;
b0,EPFL is the control perimeter set at a distance of dv/2 from the border of the
support region with circular corners in mm;
dv is the effective depth of the slab accounting for the effective level of the support
region (dv � d);
ql is the flexural reinforcement ratio limited to the maximum of 4%:

ql ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
ql;x �ql;y

p � 0:04 ð34Þ

ql,x and ql,y should be calculated as mean values over the width of the support strip
bs defined as:

bs ¼ 1:5 � rs � Lmin½¼ minðLx; LyÞ� ð35Þ

rs denotes the distance between the point, where the radial bending moment is zero,
and the support axis. The value of rs may be calculated using a linear elastic
(un-cracked) model. Otherwise, for regular flat slabs where the lateral stability does
not depend on frame action between the slabs and the columns, and where the
adjacent spans do not differ in length by more than 25%, can be approximated to
0.22 Lx or 0.22 Ly for the x- and y- directions, respectively:

rs ¼ ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
rs;x � rs;yp � d ð36Þ

ddg is a coefficient taking account of concrete type and its aggregate properties:

– ddg = 32 for normal weight concrete
– ddg = 16 for light weight concrete
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2.6 Old Italian Recommendations

Old Italian Recommendations (DM96 1996) for punching of flat slabs refers to a very
simple mechanical model, where the punching capacity only depends on the concrete
tensile strength. For slabs without shear reinforcement, the punching strength is given as:

VDM96 ¼ 0:5 � fctk � b0;DM96 �h ð37Þ

where:

b0, DM96 is the control perimeter set at d/2 from the border of the support region;
h is the slab thickness;
fctk is the characteristic tensile strength of concrete.

3 Parametric Analysis

In this section the authors perform a parametric analysis to investigate the influence of
different parameters on the punching strength predicted using different codes. In par-
ticular, the variation of the specific punching strength vR is calculated at varying one of
following parameters:

fc concrete compressive strength
fy steel yield strength
q flexural reinforcement ratio
b0/d ratio between control perimeter and effective depth of the slab
d slab’s effective depth
rs/d shear span-depth ratio

Data chosen for the parametric analysis are the same used in (Muttoni 2008),
which, for each investigated parameter, refers to specimens with different geometry
and/or mechanical data. Results of the parametric analysis are summed up in following
diagrams (Figs. 1, 2, 3, 4, 5 and 6) in terms of the specific punching strength vR:

vR ¼ VRffiffiffiffiffi
fck

p � d � b0
ð38Þ

where VR is the punching strength measured in kN and vR is in √MPa. The coefficient b
is taken equal to one, as no eccentricity is considered (null bending moment); fur-
thermore, cC = 1.0 and mean values of material strengths are used instead of charac-
teristic values: fc = fcm and fy = fym.

The parametric analysis highlights the limited capacity of some formulations to
predict the punching capacity of R/C slabs without shear reinforcement. From previous
graphs it results that ACI, MC-LoA,I and DM96 (1996) do not take into account the
influence of some parameters on the punching strength.
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In particular, from all graphs it results that ACI provides a constant specific
punching strength vr equal to 0.33 √MPa, except for small values of fy (Fig. 2) and q
(Fig. 3) and high values of b0/d (Fig. 4). ACI expression could give unsafe values of vr
for slender slabs and large columns (rs/d > 5 and b0/d > 12), in which cases other
codes provide lower strength values. As regards the influence of concrete compressive
strength, differently from other codes, DM96 (1996) gives increasing values of the
specific punching strength at increasing the concrete strength (Fig. 1).

MC-LoA,I always provides a lower specific punching strength than other codes.
This result is in agreement with the purpose of the level of approximation I, that is
preliminary design based on safe hypotheses leading to quick and simple analyses.
However it seems that MC-LoA,I is too much conservative.

Fig. 1. Influence of concrete compressive strength on vR (d = 98 mm, h = 125 mm, rc = 75
mm, rs = 850 mm, q = 0.8%, dg = 10 mm, fy = 550 MPa)
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The current formulation of Eurocode 2 takes into consideration the influence of
almost all variables on the punching strength, except for the slab slenderness (rs/d). To
overcome this lack, both proposals for revision of EC2 introduce the influence of the
slab slenderness. In the RWTH proposal, the slenderness is taken into consideration
through the coefficient kk, which includes the shear span-depth ratio ak/dv (ak � rs),
in the EPFL proposal it is considered including rs in the expression of the punching
strength.

Results given by these two proposals at varying the slab slenderness are very similar
(Fig. 6). Results given by the RWTH proposal and MC-LoA,II are also very similar, but
vR values are lower than the EPFL proposal, in particular at varying the concrete strength
and the steel yield strength (Figs. 1 and 2). Nevertheless, the assessment of the relia-
bility of different formulations requires the comparison with experimental data, which is
presented in following Sect. 4.

Fig. 2. Influence of steel yield strength on vR (d = 114 mm, h = 152 mm, rc = 162 mm,
rs = 982 mm, q = 1.15%, fc = 24.6 MPa, dg = 38.1 mm)
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4 Comparison with Experimental Data

In this section, values of the punching strength predicted using different code provi-
sions are compared with literature experimental data. Following codes are taken into
consideration for the comparison: EC2-2004, RWTH proposal and EPFL proposal for
revision of EC2, and old Italian Recommendations (DM96 1996).

Several experimental campaigns are considered for a total of 173 slab specimens.
Tests have been taken from a wider database, choosing those tests performed on
specimens with similar geometry and reinforcement layout. All tests concern square
isolated slabs equipped with uniformly distributed flexural reinforcement oriented
along main axes x/y. The load is transmitted through line or points which react to the
column load, along a circular or rectangular arrangement. Columns have square or
circular cross-sections.

Results of the comparison are expressed in terms of the ratio Vtest/Vth between the
experimental (Vtest) and the predicted value (Vth) of the punching strength, adopting all
safety coefficients equal to one and using mean values of material strengths. The average

Fig. 3. Influence of flexural reinforcement ratio on vR (d = 114 mm, h = 152 mm, rc = 162
mm, rs = 982 mm fc = 22 MPa, dg = 25.4 mm, fy = 325 MPa)
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value l, the coefficient of variation CV and the 5%-quantile of the ratio Vtest/Vth are listed
in Table 1.

The current EC2 formulation gives an average value of the ratio Vtest/Vth equal to
1.27, a CV equal to 0.33, and a 5%-quantile of 0.85. The unitary value of the ratio Vtest/
Vth corresponds to the 23%-quantile, meaning that in almost a quarter of all analysed
cases the current EC2 formulation overestimates the experimental punching strength.

As regards the RWTH proposal for revision of EC2, the average of the ratio Vtest/
Vth is equal to 1.27 like EC2-2004, while the CV (=0.21) is the lowest among all
formulations, and the 5%-quantile attains one of the highest values (0.93). As the
unitary value of the ratio Vtest/Vth corresponds to the 13%-quantile, in only 13% of
analysed cases the RWTH proposal overestimates the experimental punching strength.

In summary, the RWTH proposal provides the same average strength of the current
EC2 code (Vtest/Vth = 1.27), but it gives a much lower CV value. Therefore, this pro-
posal appears to be an improvement of the current EC2 code because, as results are less
scattered.

Fig. 4. Influence of punching shear control perimeter on vR (d = 200 mm, h = 240 mm,
rs = 1270 mm, q = 0.8%, fc = 33 MPa, dg = 18 mm, fy = 493 MPa)
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The EPFL proposal for revision of EC2 provides the best estimate of the average
ratio Vtest/Vth, equal to ≅1.00, and the CV value (=0.27) lies between RWTH proposal
and current EC2 values. The 5%-quantile is quite low (0.65), leading to a higher
probability of overestimation of the experimental strength than other codes. In fact, the
unitary value of Vtest/Vth corresponds to 56%-quantile of all 173 considered cases.

Finally, DM96 (1996) gives the worst results in terms of average value and CV of
the ratio Vtest/Vth, equal to 1.60 and 0.36, respectively, and the 5%-quantile is the
highest (0.94). Strength predictions provided by this code seem too conservative, as the
unitary ratio Vtest/Vth corresponds to 9.8%-quantile, meaning that only in less than 10%
of all studied cases DM96 (1996) underestimates the experimental punching strength.
For these reasons, after comparisons with further experimental results, it could still be
adopted in preliminary design since it is conservative and very easy to use, although it
can no longer be used for accurate design of new structures or assessing existing ones.

Fig. 5. Influence of effective depth on vR (h = 1.08d, rc = 0.71d, rs = 6.9d, q = 0.33%,
fc = 30.5 MPa, dg = 16 mm, fy = 548 MPa)
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Fig. 6. Influence of slenderness on vR (d = 300 mm, h = 360 mm, rc = 300 mm, q = 0.5%,
fc = 30 MPa, dg = 25 mm, fy = 550 MPa)

Table 1. Comparison of literature test results with strengths predicted using code provisions:
average l, coefficient of variation CV and 5%-quantile of the ratio Vtest/Vth.

Reference Year No. tests EC2 2004 Current
code

RWTH proposal
for revision of
EC2

EPFL proposal for
revision of EC2

Old Italian
Recomm. (DM96
1996)

l CV 5%-
q

l CV 5%-
q

l CV 5%-q l CV 5%-
q

Banthia et al. 1995 1 1.23 - - 1.10 - - 0.63 - - 0.92 - -

Broms 1990 1 1.00 - - 1.12 - - 0.89 - - 1.34 - -

Criswell 1974 4 1.02 0.10 0.93 1.08 0.13 0.96 0.72 0.24 0.57 1.12 0.25 0.86

Elstner &
Hognestad

1956 22 1.04 0.11 0.94 1.08 0.11 0.94 0.94 0.15 0.75 1.50 0.20 1.01

Etter et al. 2009 1 1.02 - - 1.30 - - 1.03 - - 1.38 - -

Forssell &
Holmberg

1946 7 1.32 0.06 1.22 1.39 0.06 1.30 1.14 0.06 1.05 2.38 0.06 2.22

Ghannoum 1998 3 1.03 0.10 0.96 1.13 0.10 1.05 0.92 0.10 0.86 0.93 0.05 0.88

(continued)
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5 Conclusions

In this paper the authors presented and discussed formulations of main international
codes (current EC2 version, ACI, MC2010, two proposals for revision of EC2),
together with old Italian Recommendations, for the evaluation of the punching capacity
of R/C slabs without transverse reinforcement. Firstly, formulations of different codes
have been compared among them to evaluate if and how each of them takes into
account the influence of different geometrical and mechanical parameters on the
punching strength. Successively, values of the punching strength predicted using dif-
ferent codes have been compared with results of more than 170 literature experimental
tests on specimens with similar geometry, reinforcement layout and load spatial
distribution.

Results of the parametric analysis highlight that more recent formulations, that is to
say Model Code 2010 and proposals for revision of EC2 are able to take into con-
sideration all geometrical and mechanical variables which control the punching failure.

Table 1. (continued)

Reference Year No. tests EC2 2004 Current
code

RWTH proposal
for revision of
EC2

EPFL proposal for
revision of EC2

Old Italian
Recomm. (DM96
1996)

l CV 5%-
q

l CV 5%-
q

l CV 5%-q l CV 5%-
q

Graf 1938 2 0.97 - - 1.03 - - 0.82 - - 1.77 - -

Guandalini 2005 7 1.03 0.12 0.92 1.23 0.07 1.16 0.96 0.05 0.92 1.21 0.29 0.84

Lee et al. 2009 1 1.15 - - 1.20 - - 0.92 - - 1.25 - -

Li 2000 6 1.07 0.19 0.82 1.12 0.14 0.91 0.77 0.18 0.58 1.28 0.14 1.05

Lips 2012 5 0.98 0.09 0.88 1.18 0.04 1.13 0.94 0.08 0.86 1.43 0.10 1.24

Long & Masterson 1974 1 1.14 - - 1.00 - - 0.89 - - 1.48 - -

Manterola 1966 9 0.91 0.11 0.79 1.11 0.14 0.91 0.84 0.24 0.51 1.22 0.29 0.86

Marzouk & Jiang 1997 1 1.13 - - 1.19 - - 0.79 - - 1.00 - -

Marzouk & Hussein 1991 5 1.29 0.07 1.22 1.38 0.05 1.32 1.06 0.08 0.98 1.47 0.09 1.33

Matthys & Taerwe 2000 4 1.66 0.16 1.64 1.61 0.13 1.54 1.28 0.17 1.11 1.83 0.24 1.45

McHarg et al. 2000 1 1.07 - - 1.17 - - 0.96 - - 1.13 - -

Moe 1961 7 1.28 0.08 1.14 1.35 0.07 1.24 1.08 0.07 0.99 1.56 0.08 1.39

Mokhtar et al. 1985 1 1.07 - - 1.13 - - 0.78 - - 1.22 - -

Oliveira et al. 2000 2 1.18 - - 1.30 - - 0.94 - - 1.27 - -

Ospina et al 2003 1 1.06 - - 1.12 - - 0.90 - - 1.03 - -

Pilakoutas et al. 2003 1 1.34 - - 1.47 - - 1.11 - - 1.60 - -

Rankin & Long 1987 23 1.51 0.09 1.32 1.36 0.09 1.20 0.99 0.23 0.68 1.64 0.25 1.13

Regan 1984 29 1.73 0.44 1.09 1.54 0.27 1.13 1.27 0.33 0.90 2.07 0.47 1.33

Sistonen et al. 1997 10 1.28 0.06 1.18 1.39 0.07 1.28 0.85 0.08 0.78 1.59 0.08 1.46

Swamy & Ali 1983 2 1.13 - - 1.23 - - 0.93 - - 1.07 - -

Taylor and Hayes 1965 8 0.98 0.10 0.85 0.96 0.08 0.88 1.00 0.15 0.81 1.81 0.15 1.51

Timm 2003 3 1.05 0.01 0.97 1.03 0.09 0.95 0.99 0.11 0.892 1.72 0.09 1.57

Urban 1994 2 1.19 - - 1.22 - - 0.89 - - 1.25 - -

Widianto et al. 2010 1 0.84 - - 0.90 - - 0.81 - - 0.68 - -

Yamada et al. 1992 2 0.94 - - 0.98 - - 0.80 - - 1.48 - -

All tests 173 1.27 0.33 0.85 1.27 0.21 0.93 1.00 0.26 0.65 1.60 0.36 0.94
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The current EC2 formulation does not take into account the influence of the slab’s
slenderness (rs/d) on the punching capacity, giving unsafe results for high values of it
(rs/d > 8). For this reason, both proposals for revision of EC2 bridge this gap by
introducing explicitly the dependence of the punching capacity from the parameter rs/d.

Results of the comparison among different code formulations and literature
experimental data allow for estimating the capability of each code in predicting the
experimental strength, although with reference to a moderate number of cases. The
current EC2 version overestimates the experimental punching capacity of less than
30%, with a significant data scattering around the average value. The RWTH proposal
for revision of EC2 gives the same mean values of current EC2, nevertheless the data
scattering is clearly lower and also the probability to overestimate the punching
capacity. The EPFL proposal gives better results in terms of the mean value (Vtest/Vth ≅
1.00), but, although the scattering is similar to the RWTH proposal, the probability of
overestimating the punching capacity is evidently much higher. Nevertheless, to obtain
results similar to the RWTH proposal, it would be enough to introduce a reductive
coefficient of the theoretical strength.

The work presented in this paper is part of a wider and deeper study, which is
currently in progress inside the task group CEN 250/SC 2/TG 4, in charge for the
revision of EC2 sections referring to shear, torsion and punching of R/C structures.
Results have preliminary nature, and they could be useful for the improvement of the
two EC2 proposals.
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Abstract. Even though different versions of the Friction Pendulum Devices
(FPD) can be found on the market and their effectiveness has been extensively
proven by means of numerous experimental campaigns carried out worldwide,
many aspects concerning their mechanical behaviour still need to be clarified.
These aspects concern, among others: (1) the sequence of sliding on the several
concave surfaces, (2) the influence of temperature on the frictional properties of
the coupling surfaces, (3) the possibility of the stick-slip phenomenon, (4) the
possibility of impact-induced failure of some components, (5) the geometric
compatibility, and so on. These aspects are less clear the larger the number of
concave surfaces of which the device is composed. This paper presents a new
way of modelling the mechanical behaviour of the FPDs, by fulfilling: (1) ge-
ometric compatibility, (2) kinematical compatibility, (3) dynamical equilibrium,
and (4) thermo-mechanical coupling.

Keywords: Base isolators � Friction pendulum devices � Kinematics
Dynamical equilibrium

1 Introduction

In recent years base isolation has become an increasingly applied structural design
technique for both buildings and bridges located in highly seismic areas. Two basic
types of base isolation can be identified (Kelly 1997; Taniwangsa and Kelly 1996):
(1) by elastomeric bearings and (2) by a sliding system. According to the former
approach, the building or structure is decoupled from the horizontal components of the
earthquake ground motion by interposing a layer with low horizontal stiffness between
the structure and the foundation. The latter approach works by limiting the transfer of
shear across the isolation interface by allowing mutual sliding to occur. Many sliding
systems have been proposed and some have already been implemented in practice. The
Friction Pendulum (FP) system, firstly introduced by Zayas et al. (1987), is one of these
sliding systems that has already been used for several projects (e.g. Mellon and Post
1998), both new and retrofit. It combines a sliding system with a restoring force. In fact
it is composed of an articulated slider, whose surface is coated by a special interfacial
material with the purpose to provide a suitable friction, sliding on a stainless steel
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concave surface (Fig. 1a). The concave surface geometrically provides the restoring
force as the tangential projection of the applied gravity load. The FP system for seismic
isolation has been recently manufactured as devices with multiple independent concave
sliding surfaces, in order to provide adaptable behavior (e.g. Earthquake Protection
Systems, Inc. 2003; Tsai et al. 2010). The Double concave Friction Pendulum
(DFP) bearing (Constantinou 2004; Fenz and Constantinou 2006) is an adaptation of
the traditional, well-proven single concave friction pendulum that allows for signifi-
cantly larger displacements, given identical plan dimensions. The DFP bearing consists
of two facing stainless steel concave surfaces (Fig. 1b). The upper and lower concave
surfaces have radii of curvature R1 and R2 that might not be equal. While the coeffi-
cients of friction along the two kinematic pairs are l1 and l2, respectively.

An articulated slider separates the two concave surfaces. The articulation is nec-
essary for proper even distribution of pressure on the sliding surfaces and to accom-
modate differential movements along the top and bottom sliding surfaces when friction
is unequal on these two latter. The Triple Friction pendulum bearing (TFP) is an even
more advanced version of the original FP (Fig. 1c) that is composed of (a) two external
concave plates, with radius of curvature and friction coefficient equal to (R1; l1) and

Fig. 1. Friction pendulum bearings: (a) Single Friction Pendulum (SFP), (b) Double Friction
Pendulum (DFP), (c) Triple Friction Pendulum (TFP).
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(R4; l4) respectively, (b) two inner sliding plates with radius of curvature and friction
coefficient equal to (R2; l2) and (R3; l3) respectively, and (c) a sliding pad. The
external convex surfaces of both the sliding plates and the sliding pad are coated with a
lining material that has to provide the suitable friction coefficient. More recently even
friction pendulum bearings presenting more than four sliding surfaces have been
proposed (Tsai et al. 2010). The more sophisticated versions of the FP, which con-
template the presence of an increasing number of sliding concave surfaces, have the
advantage to guarantee: (1) a certain adaptability to the given earthquake, despite being
a passive system, as well as (2) a reduced footprint, with the same deformation
capacity.

Friction plays a pivotal role in the functioning of the FP devices. However, it is a
very complex phenomenon not completely understood yet: it is given by several
concomitant physical phenomena whose relative importance varies as function of the
involved parameters and contour conditions (e.g. Bowden and Tabor 1973; American
Society for Metals 1992; Constantinou et al. 2007). The most frequently used interface
in sliding bearings is made of PTFE or PTFE-like materials in contact with polished
stainless steel. For these kind of interfaces, the dynamic coefficient of friction l mainly
depends on (Constantinou et al. 1999): (a) the sliding velocity, (b) pressure, (c) tem-
perature and (d) time of loading.

Since the introduction of the friction pendulum devices for the seismic protection of
structures, a lot of efforts have been made by the scientific community (e.g. Mokha
et al. 1990; Nagarajaiah et al. 1991; Fenz and Constantinou 2008) in order to single out
the most suitable analytical model of the horizontal force-displacement hysteretic curve
characterizing the behavior of such devices. In fact, the hysteretic force-displacement
curve needs to be implemented in the standard structural analysis softwares in order to
assess the efficacy of the designed intervention to correctly protect the structure against
the expected earthquake and in compliance with the code regulations. Even though
more refined models of the overall hysteretic curve, each substantially based on the
early work by Fenz and Constantinou (2008), have been recently proposed (e.g. Becker
and Mahin 2012, 2013; Ray et al. 2013), they present common drawbacks, among
which: (1) equilibrium conditions are fulfilled only in the horizontal direction, com-
pletely neglecting the rotational equilibrium, and (2) the influence of thermal effects are
completely ignored. In fact, as to this latter aspect, it is well known that, when friction
is involved in highly dynamic applications, heat is generated on the contact surfaces as
a result of the transformation of mechanical energy into energy of thermal oscillations
of molecules during friction. During an earthquake, with peak sliding velocity of the
order of � 400 mm=s, temperature could reach very high values and significantly affect
the frictional properties of the PTFE-stainless steel sliding interface.

Moreover, such complex tribological systems are known to be susceptible to (1) the
stick-slip and (2) the sprag-slip phenomena (e.g. Popov 2010). Where: the former
consists of the likely alternation of time intervals of sliding to time intervals of no
sliding, with consequent re-coupling of the ground shaking and superstructure move-
ment, while the latter consists of vibrations that could be activated in the direction
orthogonal to the sliding one.

In this scenario,many questions arise about the actual functioning of these devices.Do
they always re-center? Otherwise, under which specific boundary conditions, either
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kinematic (displacements, velocities and accelerations) or tribological (friction) do they
re-center? Similarly as what happens with a rolling wheel, must friction have an optimum
value, for sliding to take place? In this view, a limit value of asymptotically null friction
would allow those devices to work, or would it rather inhibit the triggering of the func-
tioning of the devices? Is it only friction, at each phase of the device deformation, that
dictates the triggering, rather than the inhibition, of sliding along the various concave
surfaces? How does rotational equilibrium affect this aspect? Does the over-structure
actually horizontally translate only,without any rotation, during an earthquake lacking the
vertical component? Otherwise, under which specific conditions the over-structure does
not undergo any rotation? Would it be necessary to outfit the isolation system with
supplemental devices meant to suppress any possibility of rotation? Does the building
actually move upward, as a response of the horizontal two dimensional earthquake? Or
rather, as function of the soil deformability, it may move downwards, in order to
accommodate vertical deformations?Does a complex soil-structure interaction take place
during an earthquake?

It is evident that the topic is complex and needs to be faced from a multidisciplinary
standpoint, involving also both mechanical and tribological engineering expertize (e.g.
Scotto Lavina 1990; Belfiore et al. 2000).

With the aim to contribute to a better understanding of the mechanical behavior of the
multiple FPs, thus attempting to answer the questions above, this work presents a new
approach to model the thermo-mechanical behavior of such devices. It assumes, as a first
approximation, that all the components the device is made of can be modelled as rigid
bodies, thus neglecting, for the time being, any deformation. This modelling approach is
aimed at fulfilling: (1) geometrical compatibility, (2) kinematic compatibility, (3) dy-
namic equilibrium, both translational and rotational, and (4) thermo-mechanical coupling.

2 Inspiring Physical Observation

Suppose to have a kind of flat double friction bearing (Fig. 2), composed of (a) two
rigid horizontal steel plates, and (b) a rigid steel cylinder placed in between. Imagine
that this device is loaded by a vertical force N and that friction at the two interfaces is
governed by the Coulomb constitutive law (Fig. 2b), with a rigid-perfectly-plastic
dependence of the friction force on the relative displacement F uð Þ, and threshold value
Fl ¼ l � N. Imagine also that the friction coefficient l at those interfaces, has the same
value. If we impose a displacement on the lower plate, due to the rigid-plastic con-
stitutive law of interfacial friction, we would immediately have, even for infinitesimally
small values of imposed displacement, the mobilization of the friction threshold Fl at
each interface. Those two horizontal forces, equal in magnitude and opposite in
direction, do generate a couple, to which corresponds a moment MS ¼ Fl � H that, in
the initial configuration, is not balanced by any other couple. That moment would tend
to overturn the pad by making it rotate around one of the corners.

In such tentative rotation, the points of application of the vertical force N would
migrate to the pad corners still in contact with the relevant horizontal plates. In this
way, even the vertical force would give rise to a couple MR ¼ N � d, opposed to the
overturning one and larger in absolute value, that would make the pad undergo both a
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rigid body rotation around its centroid G and a simultaneous vertical translation.
During such movement of the pad, the diagonally opposed corners, loaded by N, would
also undergo sliding, up to the new, restored equilibrium configuration (Fig. 2e). It is
the vertical weight force N that restores the geometric compatibility at each time step.

3 Geometric Compatibility

When it comes to multiple friction pendulum bearings, namely with concave spherical
surfaces, the most advanced device currently available on the market is the Triple
Friction Pendulum (TFP). It is composed of (Fig. 1c): (a) two external
concave-surface-topped plates, both with radius R ¼ R1 ¼ R4, (b) two internal sliding
plates, which are two straight cylinders whose bases, one convex and another concave,
are two spherical caps belonging to two spherical surfaces with different radii, R1 6¼ R2

and R3 6¼ R4 respectively, and (c) an internal sliding pad, which is a straight cylinder
with both bases composed of convex spherical caps belonging to surfaces with the
same radius R2 ¼ R3. The two external faces of the two larger plates are horizontal. The
four sliding interfaces are composed by the superimposition, in pairs, of eight spherical
caps, one constituted of plain stainless steel and the other coated by a particular liner
that is generally PTFE or the like.

Fig. 2. Case of a flat double friction bearing: (a) undeformed initial configuration, (b) friction’s
Coulomb constitutive law, (c) pad free body diagram, (d) intermediate deformed configuration,
and (e) final configuration of the whole device.
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The considerations herein presented are based on the following assumptions: the
various parts constituting the friction pendula are considered as rigid bodies, thus
neglecting, at least for the time being, any possible deformation. In this way, geo-
metrical compatibility is fulfilled each time the two spherical caps constituting the two
mating surfaces of a given interface are perfectly superimposed to each other.

The first and most important constraint is represented by the fact that the two
outermost horizontal surfaces, lower and higher, can undergo a rigid body motion
remaining horizontal, which means that they can only translate remaining parallel to
themselves. This is due to the fact that, at the extrados of the so called isolation plane,
the various isolators are connected by a rigid diaphragm (e.g. Italian Technical Reg-
ulations 2008) while, at the intrados, to the presence of the ground. In order for that
condition to be fulfilled, it is necessary that either the two internal surfaces (S2 and S3)
or the two external ones (S1 and S4) undergo sliding simultaneously while it is not
preferable to allow mixed sliding, e.g. S2 and either S1 or S4, since controlling the
evolution of displacements along each concave surface would become extremely dif-
ficult. For this reason, the friction coefficient should be the same along the two surfaces
of each of those two sliding pairs, i.e. l2 ¼ l3 and l1 ¼ l4.

Fig. 3. Case of a DFP bearing subjected to an horizontal ground displacement contained in a
radial plane: (a–d) rightward movement starting from a rest position, (e–h) leftward movement
starting from a deformed configuration
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It is preferable to start by analyzing the behavior of a double friction pendulum,
composed of the internal pad and only two external plates, in a radial plane, which means
in case of uni-directional imposed horizontal displacement (Fig. 3). At a generic time step
tn, the internal deformation undergone, as function of the imposed displacement Dug tnð Þ,
by the several members constituting the device, can be decomposed into two subsequent
phases. When starting from the equilibrium condition (Fig. 3a–d), in the first phase,
whichmeans during the first partDt1 of the time incrementDt, the pad, due to the imposed
displacement Dug t1ð Þ, rigidly rotates around one of the lowermost corners (A) and such
rotation also yields a certain vertical displacement of the upper plate. During the second
phase Dt2 of the current time increment Dt, the pad undergoes a rigid rotation around its
centroid (E) with this latter simultaneously rigidly translating along the straight line
connecting the centers of the two spherical surfaces C1C2. This latter direction, resulting
from the end of the previous sub-interval Dt1, is inclined, with respect to the vertical
direction, of an angle h t1ð Þ that is the geometrical variable accounting for the final
configuration assumed by the entire device (Fig. 3d). The same two-step deformation can
be recognized if, at a generic time step tn, the ground imposes a reversed displacement,
and starting from a generic deformed configuration (Fig. 3e–h).

The only difference, in case of reversal, is that initial rigid rotation (Dt1) involves
the other diagonal of the pad (i.e. DB instead of AC). During the second phase, sliding
occurs along the corners of the involved diagonal of the pad, and friction is mobilized
therein.

4 Mechanical Model

The analysis of the geometric compatibility of the friction pendulum devices described in
the previous section suggests, in a consequentialmanner, theway inwhich it is possible to
model the mechanical behavior of such devices in the three dimensional space. For the
reasons already explained in the previous section, in the present work attention is focused
on the dynamical behavior of a DFP subjected to a ground shaking, leaving the study of
complete TFP to further future developments.Moreover, the study is herein limited to the
case of unidirectional seismic attack. The dynamical behavior of aDFP at the instant tn can
therefore be limited to what happens in the generic plane p, singled out by (1) current
position of the pad, singled out by polar h tnð Þ and azimuthal u tnð Þ angles, and (2) direc-
tion, in the global reference system oxyz, of the current horizontal displacementDug tnþ 1ð Þ
imposed by the ground shaking, excluding any vertical earthquake, for the time being.
Both phases at the current time step can be modelled by an articulated system of rigid
bodies, different for each phase (Figs. 4 and 5). Even though the rigid bodies are expected
to actually undergo some deformations, for the time being they are herein assumed to
behave as perfectly rigid bodies. These latter form anopen kinematic chain for both phases
of motion.

During thefirst phase (Dt1) (Fig. 4), the lower plate (RigidBody1) is assumed tomove
horizontally along a prismatic guide, without friction, and the motion is the one imposed
by the earthquake and characterized by given displacement xg tnþ 1ð Þ, velocity _xg tnþ 1ð Þ,
and acceleration €xg tnþ 1ð Þ. The pad (Rigid Body 2) is kinematically constrained to both
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lower and upper plate (RB 3, 4) by two revolute joints in which the constraint force
tangent to the concave surface is blocked to the maximum allowable Coulomb friction
force. The upper sliding plate (RB 3) carries the weight of the over-structure that is herein
assumed as amass, rigidly connected to the plate by amassless rigid rod, and concentrated
in rigid body 4. Substantially, rigid bodies 3 and 4 are assumed to form a single rigid body
assemblage. Due to the motion imposed on rigid body 1, rigid body 2 undergoes a rigid
rotation b1 around one of its corners (point A in Fig. 4) characterized by angular velocity
and acceleration _b1; €b1. As a consequence of that (unknown) rotation, the assemblage of
rigid bodies 3 and 4 undergoes a rigid planar translation, along axes x and z of the inertial
reference system oxyz, maintaining contact with the pad in the pin-joint in point C of the
pad. Note that the position assumed by the plates at the end of this first phase already
singles out the final updated value of the inclination of the pad with respect to both the
sliding plates h tnþ 1ð Þ.

The second phase is modelled by the same assemblage of rigid bodies above,
kinematically constrained between one another in a different way (Fig. 5). Rigid body 1
is blocked in its final position corresponding to the current time step tnþ 1. Rigid body 2
undergoes a rigid roto-translation with its centroid G2 translating along the straight line
connecting the two centers of curvature of the two plates, along a linear prismatic guide
without friction and contemporarily counter-rotates around its centroid with angular
velocity and acceleration _b2; €b2. Along the vertices of the diagonal involved (AC in
Fig. 5), the pad is now constrained to the two plates (rigid bodies 1 and 3) by two

∗∗

∗

Fig. 4. Mechanical model, constituted of an Articulated System of Rigid Bodies (ASRB), to
simulate the first phase of the behavior of the DFP at a given time step.
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circular guides with Coulomb friction so that, during this phase, slipping takes place
with consequent yielding of heat (Fig. 5). While kinematic quantities ~€u G2ð Þ and €b2,
which are the linear and angular accelerations characterizing the pad rigid
roto-translation, are unknown since they depend on the dynamical characteristics of the
system, the values of displacement~u G2ð Þ and rotation b2 are known since they are the
quantities necessary to restore the geometrical compatibility by closing both kinematic
couples implying that the pad axis superimposes to the straight line connecting the
concave plates centers (compare previous sections). The assemblage of rigid bodies 3
and 4 translates with point C3 moving (Fig. 5), without friction, along the straight line
connecting the concave surfaces’ centers C1C2 tn þDt1ð Þ.

5 Kinematic Compatibility

A kinematic analysis, meant to study motion without considering the forces that pro-
duce it, is necessary. During the first phase, the velocity of point C, in which a revolute
joint is placed, is given by (e.g. Scotto Lavina 1990; Belfiore et al. 2000):

Fig. 5. Mechanical model, constituted of an Articulated System of Rigid Bodies (ASRB), to
simulate the second phase of the behavior of the DFP at a given time step.
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vC
�! ¼ _xg � e1!� _b1 � e2!� AC

�! ð1Þ

where e2
! is the unit vector of axis y of the Inertial system oxyz whose positive direction

is towards the paper. While the acceleration is given by:

aC
�! ¼ €xg � e1!þ _b21 � G2A

��!� €b1 � e2!� AC
�! ð2Þ

During the second phase, the velocity of point C, belonging to rigid body 2 (pad) is
given by:

vC
�! ¼ €u

!
G2ð Þþ _b2 � e2!� G2C

��! ð3Þ

while the velocity with which the rigid bodies 3 and 4 translate along the linear
prismatic guide without friction, along the straight line connecting the position occu-
pied by the two curvature centers at the end of step one, is given by the velocity of
point C3 (Fig. 5):

vC3
�! ¼ _u

!
G2ð Þ ð4Þ

The acceleration of point C, belonging to rigid body 2, is given by Fig. 5:

aC
�! ¼ €u

!
G2ð Þþ _b22 � G2C

��!þ €b2 � e2!� G2C
��! ð5Þ

and the acceleration of point C3, is given by:

aC3
�! ¼ €u

!
G2ð Þ ð6Þ

6 Dynamical Equilibrium

Both mechanical models adopted to study the two phases of the planar motion of the
DFP described in previous section are open kinematic chains (Shabana 2001). And
each of them is characterized by one degree of freedom.

In fact, for the first phase, we have 3 rigid bodies, each characterized by 3 kinematic
unknowns, for a total of n ¼ 3� 3 ¼ 9. The number of kinematic constraints is equal
to nc ¼ 7 that are given by: (a) vertical translation and rotation (2) of the RB1, (b) two
internal revolute joints (2� 2 ¼ 4), and (c) rotation (1) of the assemblage of RB3 and
RB4. The translational horizontal degree of freedom of the lowermost sliding plate
(RB1) is kinematically controlled by the earthquake, while the rotational degree of
freedom of the pad is not known a priori so that a force analysis is required and the
system equations of motion must be formulated to obtain a number of equations equal
to the number of unknown variables.

For the second phase, we have n ¼ 3� 3 ¼ 9 kinematic unknowns. The number of
kinematic constraints is equal to nc ¼ 8 that are given by: (a) 3 for the lowermost plate

142 V. Bianco et al.



that is assumed fixed, (b) 1 for the pad, since its centroid G2 cannot move orthogonally
to the straight line (prismatic frictionless guide) passing through the concave surfaces
centers C1C2 tn þDt1ð Þ, (c) 2 for the uppermost sliding plate assembled with the
over-structure (RB3 + RB4), since they can only translate with the contact point at the
end of phase 1 (i.e. point C3 in Fig. 5) moving along the straight line above, thus
neither rotating nor translating orthogonally to that line, and (d) 2 are given by the
internal constraints constituted by the circular frictional prismatic guides, between the
kinematic couples RB1-RB2 and RB2-RB3+RB4, since they do not allow mutual
displacement at the contact point, along the relevant radius of curvature. The inde-
pendent kinematic unknown is €b2 while the translational acceleration €u G2ð Þ can be
expressed as function of €b2.

The first kinematic chain is both kinematically and dynamically driven (Shabana
2001) since one degree of freedom, that is the horizontal translation of the lowermost
plate, is imposed by the ground movement and another, that is the rotation around one
of the pad’s corners, is governed by the forces involved, either inertia and external. On
the other hand, the second kinematic chain is dynamically driven, since for the
unknown, a force analysis is required. For both models, a relevant minimum number of
differential equations can be written, in the ambit of the Embedding Technique
(Shabana 2001), by making a suitable cut in one of the joints among the involved rigid
bodies, and formulating the dynamic conditions of the resulting subsystem. The
number of these obtained equations, which do not contain the joint reaction forces, is
equal to the number of degrees of freedom of the system. Once the minimum number of
differential equations are solved, the joint reaction forces can be obtained by the
equations of motion obtained by a free-body analysis.

Proceeding in this way, for each kinematic chain, making the cut in correspondence
of the revolute joint in point A, the following equilibrium equation, applying the
D’Alambert principle, is obtained:

_K
!

A ¼ _K
!

G2 þAG2
��!� d

dt
~Q2 þAG3

��!� d
dt
~Q3 þAG4

��!� d
dt
~Q4 ¼ ~MA ¼

X4

i¼2
AG
�!

i �~Pi ð7Þ

inwhich: _K
!

A is themoment of the inertia forceswith respect to pointA, _K
!

G2 is themoment
of inertia of RB2with respect to its centroid,~Qi is the momentum of the i-th RB, ~MA is the
moment of the external forces with respect to pointA, and~Pi is the self-weight force of the
i-th RB. For each phase, Eq. (7) has to be specialized by substituting, in the expression of
the i-th RB time-derivative of the momentum, the kinematically compatible expressions
for the accelerations, as obtained in the previous section.

7 Thermo-Mechanical Coupling

During the second phase, slipping occurs along the two concave surfaces (Fig. 5) and
heat is developed therein. It is possible both (1) to keep track of the temperature change
of the plates and (2) to evaluate the change of the frictional threshold as function of the
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surface temperature. Thermo-mechanical coupling is obtained by defining a suitable
law of variation of the frictional coefficient, as function of the temperature, as follows:

Fli tð Þ ¼ li Ti tð Þ½ � � Ni ð8Þ

where: Fli tð Þ, li, Ti tð Þ, Ni are (a) the friction strength, (b) the temperature dependent
friction coefficient, (c) the temperature, and (d) the internal force orthogonal to the i-th
concave surface.

At each time step, the increment of Temperature, yielded by the friction-induced
heat, can be evaluated by the following thermal equilibrium equation:

ci � _Ti ¼ fi � _ui � _Qi ð9Þ

where: _Ti is the rate of change of temperature (temperature=time), ci is the heat
capacity (energy=temperature) of the i-th surface, given by the product of the steel
specific heat cs times the mass Mi of the concave surface involved in the heat exchange,
and _Qi is the rate of heat exchanged with the surrounding environment (energy=time).
For the sake of simplicity, Mi can be assumed coincident with the whole mass of the
relevant steel plate (Fig. 1).

Moreover, the following assumptions may be made: (1) heat is generated by fric-
tion at each of the sliding interfaces, (2) heat conduction is assumed unidirectional,
perpendicular to each concave surface, (3) heat loss due to radiation is assumed neg-
ligible, (4) bearing material (PTFE or the like) is assumed as a perfect thermal insulator
so that heat generated at the sliding interface just flows towards each concave surface
(in fact the thermal diffusivity of steel is � 20:0 W=m �� C that is much larger than the
one of PTFE � 0:24 W=m �� C at 20 �C temperature).

The rate of heat exchange _Qi T; tð Þ by the i-th surface with the surrounding envi-
ronment can be modelled by the Newton’s law of cooling that is usually adopted to
describe convective heat exchanges, that is:

_Qi T ; tð Þ ¼ Hi � Ti � Tairð Þ ð10Þ

where: Hi is the i-th concave surface heat transfer coefficient (heat=temperature � time),
given by the product of the steel convectional heat exchange coefficient hs times the
area Ai of the portion of the concave surface effectively exchanging heat with the
surrounding air whose temperature is Tair.

8 Conclusions

The so called Friction Pendulum Devices are complex tribological systems, composed
of several kinematic couples, whose mechanical behavior is far from trivial. Many
aspects, among which those related to the stick-slip and sprag-slip phenomena, still
need to be clarified possibly involving both mechanical and tribological experts.

Moreover, most of the theoretical works available in the literature, aimed at
reproducing the force-displacement hysteretic curve, have completely neglected both
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rotation and vertical translation of such devices during a horizontal ground motion.
And they also seem to have not paid due attention to the geometrical compatibility.

In the present work, a new approach to model the mechanical behavior of such
devices was proposed. It started from analyzing the likely geometrical compatibility of
such devices during their functioning and ended up proposing a two-step deformation
that restores geometric compatibility at each time step and also accounts for the pos-
sibility of stick-slip to occur. The main features of such approach, which is based on
(1) geometrical compatibility, (2) kinematical compatibility, (3) dynamic equilibrium,
and (4) thermo-mechanical coupling, were delineated.

For the time being, only the formal aspects of this approach were herein presented,
and limited to the planar deformation of a DFP. As further developments, such
approach will be extended to the tridimensional behavior of both DFP and TFP. This
will be done paying due attention to the tribological issues of (a) wear, (b) ther-
mal-induced effects, and (c) selection of the most suitable liner. Also questions related
to the impact between the several components will be addressed.
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Abstract. Experimental campaigns are a key tool for the evaluation of the
behaviour of Masonry Infilled Reinforced Concrete (RC) frames. The case of
masonry infills in RC frames is also a regional feature making the homogenous
classification for a database a real challenge. This first attempt of a Masonry Infill
Database (MID) includes a preliminary selection of experimental tests carried out
on models of masonry-infilled RC frames under quasi-static or pseudo-dynamic
loading. Each test is characterized in order to include, in a homogenous framework,
all the relevant aspects of different experimental campaigns for easy access to the
data for future applications. A Damage Classification is introduced, valid for both
solid infill panels and for infill with openings. Finally, all monotonic backbones are
fitted with a force-displacement piecewise linear approximation for future appli-
cations in Performance Based Earthquake Engineering.

Keywords: Reinforced Concrete � Masonry infills � Experimental Test
Database

1 Introduction

The role played by masonry infills in reinforced concrete (RC) structures has been the
subject of several studies in the last decades. Infills’ presence is very common in the
design practice of many seismic prone regions, especially in Mediterranean countries,
and in general in Europe. A proper understanding of their seismic behaviour is required
in order to reduce the risk of human and economic losses associated with seismic
collapses.

Many studies have pointed out how significant is the influence of infills on the
seismic response of structures. If, on one hand, this contribution increases the stiffness
and the strength of structures, on the other, it may lead to some undesired conse-
quences, such as the activation of failure modes associated with the interaction between
the infill and the RC frame.

The interaction of the infill panel with the frame at global and local level can result
in flexural or shear failures of the boundary RC structure. The above failures have often
been observed during in-field campaigns after earthquakes and they have also been
strongly evident in static and dynamic experimental tests (e.g., Mehrabi et al. 1996,
FEMA306 1998; Fardis et al. 1999).
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Infill distribution in plan and elevation on the structure must be taken into account
against the potential formation of soft storey mechanisms. Examples of progressive soft
storey collapses likely caused by local interaction with infills are provided in the
literature (e.g., Verderame et al. 2011, Negro and Colombo 1997). Last, but not least,
one of the most important aspects related to this structural typology is the difficulty in
performing quality controls of the materials and especially of the manufacturing
process.

At the present time, there are several analytical and numerical studies on the
behaviour of masonry infilled RC frames. Nevertheless, their “composite” nature
imposes the necessity of ever newer and more sophisticated models and more reliable
techniques to define their characteristics. Despite recent advances in computational
power, a finite element micro-model (FEM) approach can be too intensive, especially
for seismic risk assessments demanding numerous simulations. Instead, the equivalent
strut macro-models seem to be a convenient approach. These simplified models replace
the single panel with an equivalent strut having stiffness and width proportional to the
characteristics of masonry, and the same thickness. Numerous equations have been
proposed for the evaluation of strength and stiffness of the strut, but there is limited
consensus on which equation is the most reliable; this is due to the limited systematic
experimental experience available (Chrysostomou and Asteris 2012).

The assessment of the seismic performance and vulnerability is affected by several
uncertainties, associated with the nature of the infill masonry and their interaction with
the RC frame. Therefore, experimental campaigns turn out to be a key tool for the
evaluation of the behaviour of the structural complex and to study the interaction
between the infill panel and the frame. Unfortunately, it is quite rare to have a single,
homogeneous experimental campaign fulfilling the wide variety of infills that can be
found in practice. As a result, first, it is important to collect the experimental efforts to
have a broader quantitative and controlled picture of the effect provided by infills to the
structural behaviour of RC frames. This is the main framework of this study.

Based on the recent experience gained in structural and earthquake engineering, the
idea of putting together a proper and, to some extent, fulfilling, database of experi-
mental results on infilled RC structures is the main challenge herein.

For instance, in recent codes it is possible to find empirical formulations for the
modelling of flexural and shear behaviour of RC elements, based on experimental
databases previously collected by scientists and progressively updated over the years
(e.g., Panagiotakos and Fardis 2001; Berry et al. 2004; Biskinis and Fardis 2010a,
2010b; Biskinis et al. 2004).

An experimental database of masonry infilled RC frames is a challenge far beyond
the other experiences available in literature made for only the RC members. In fact, in
this case the experimental campaign can vary significantly in many aspects (e.g., scale
of the specimen, number of storeys, openings, etc.). Additionally, it is fundamental to
account for the variety and variability of masonry, concrete, reinforcements, and finally
their relative properties. Attempts to collect and homogenize experimental campaigns
available in literature have been made recently (Cardone and Perrone 2015; Sassun
et al. 2016) aimed at the use in loss estimation problems. The key issue is that a slight
change in the above characteristics can change the relative ratios between relevant
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variables such as strength or stiffness, ending up in a significantly different behaviour
(and mode of failure) for the masonry infilled RC unit.

The results of experimental campaigns have been fundamental not only to enlarge
the experimental knowledge, but also for the further processes of calibration and
comparison of the proposed models and predictive strategies. After an extensive
analysis of all the experimental data available in literature and of the most effective
techniques of modelling used for masonry-infilled RC frames, the significant properties
and characteristics were selected in terms of:

– Materials used for the campaign;
– Geometric characteristics of the specimens;
– Characteristics, setup and scope of the test;
– Results of the campaign.

As it can be recognized by a first overview of literature sources on experimental
tests on this topic, unfortunately not all the experimental campaigns are carried out or,
at least documented, with the same level of accuracy. Therefore, after a preliminary
selection of a large list of experimental references on the topic, it was necessary, at this
preliminary stage, to select those sources that were significant, described in detail, and
providing high quality data. In most cases, the refinement of the selection has ended up
in the selection of recent studies (high quality of photos and artworks), even if some
literature “milestones” are kept and considered first given their historical relevance and
also given the significance they had for further experimental tests set up (e.g., Mehrabi
et al. 1994).

The above approach was the best one for the selection of the proper entries for the
database. Following up this preliminary step, it will be possible to include progres-
sively all the references not included in this first step.

Four main objectives have been considered in this first version: (i) to include in the
database a significant (in terms of number and variety) selection of the experimental
tests carried out on scale models of masonry-infilled RC frames under quasi-static or
pseudo-dynamic loading; (ii) to characterize each test in order to include all the sig-
nificant aspects of each campaign for easy access to the data for future applications;
(iii) to introduce a “Damage Classification” based on previous classifications and based
on the analysis of the collected data, valid for both solid infill panels and for infill
panels with openings; (iv) to model a force-displacement capacity backbone for the RC
+masonry infill complex through the piecewise linear approximation by De Luca et al.
(2013), aimed at different large scale and detailed earthquake and structural engineering
applications. Even if the piece-wise linear fit cannot be of immediate use for calibration
of infills analytical models, it can provide relevant results for large-scale approaches in
which the full backbone of the complex RC+masonry infill is of interest.

Furthermore, the way the characteristics of each test are influencing the piece-wise
linear fit can still provide useful insights for infill macro modelling efforts.
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2 The Database

The Masonry Infill Database, in its current version, (MID1.0) includes the results of 16
experimental campaigns, collecting the results of 114 tests, in which 13 are bare tests
(included for benchmarking purposes) and 101 are tests of masonry infills.

In Table 1, the campaign identification number (ID), the principal references, and
the additional sources of information are listed for each experimental campaign
included in the database. In many cases, in fact, it was necessary to retrieve complete
information from other sources with respect to the principal one. Each test has a
numerical ID based on the ID of the campaign and a progressive numbering for the
specimen (e.g., 3_3, is the third specimen of the campaign by Mehrabi).

The database has been collected in a Microsoft Excel© Spreadsheet with six sep-
arate sections. Section 1, SPECIMEN - summarizes specimen characteristics in terms
of typologies of the tests, number of storeys, bays, test scale, type of vertical and
horizontal loading applied, geometrical information about the presence of openings in
the infill panel. Section 1 has 17 different entries. In Figs. 1, 2 and 3 the different
distributions referred to the 113 specimens considered are provided for most relevant
parameters of this section. Section 2, PANEL - summarizes all the characteristics of the
infill panel and it has 23 entries including the characteristics of the masonry block, of
the mortar and the masonry prism. Some entries in this section are often empty or not

Table 1. References’ list of the 16 experimental campaigns considered in MID1.0

ID Reference Additional sources

1 Kakaletsis and Karayannis (2009) Kakaletsis and Karayannis (2008)
2 Haris and Hortobágyi (2015) –

3 Mehrabi et al. (1994) Mehrabi et al. (1996)
4 Crisafulli (1997) Crisafulli et al. (2005)
5 Colangelo (2003) Biondi et al. (2000)

Colangelo (2005)
6 Colangelo (1996) Biondi et al. (2000)

Colangelo (2005)
7 Colangelo (2004) Biondi et al. (2000)

Colangelo (2005)
8 Al-Chaar et al. (2002) –

9 Baran and Sevil (2010) –

10 Calvi and Bolognini (2001) Calvi et al. (2004)
11 Al-Nimry (2014) –

12 Cavalier and Di Trapani (2014) –

13 Basha and Kaushik (2012) Basha and Kaushik (2016)
14 Zovkić et al. (2012) Zovkic et al. (2013)
15 Pires and Carvalho (1992) Skafida et al. (2014)
16 Kyriakides (2001) Skafida et al. (2014)

150 F. De Luca et al.



available (n.a.). In fact, the way the masonry infill is characterized geometrically and
mechanically is really campaign-dependent and the high number of entries in this
section allows MID1.0 being adaptable to the different choices that authors made.

Figures 4, 5 and 6 shows the distributions of some of the properties in Sect. 2 of the
database. In this case the total number of specimens considered is 101, discarding the

(a) (b) 

Fig. 1. (a) Number of storeys and (b) number of bays in MID1.0

(a) (b) 

Fig. 2. (a) Specimen type BARE: bare, SOL: solid, WIN: window, DOOR: door (including
information on the size of the opening), (b) test scale in MID1.0.

(a) (b) 

Fig. 3. (a) Vertical load type CO: constant, VA: variable, NU: null and (b) lateral load type M:
monotonic, C: cylic (pseudo-static), and P(pseudo-dynamic) in MID1.0
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(a) (b) 

Fig. 4. (a) Aspect ratio, and (b) thickness of the infill panel in MID1.0

(a) (b) 

Fig. 5. (a) Infill type CB: clay bricks, CON: concrete, CAL: calcarenite, VC: vetro-ceramic,
AAC: autoclaved aerated concrete, and (b) perforation of the infills Y: yes, N: no, n.a.: not
available in MID1.0

(a) (b) 

Fig. 6. (a) Horizontal and (b) vertical compressive strength of for the masonry infill prisms in
MID1.0.
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13 bare tests included. Section 3, FRAME - summarizes all the characteristics of the
reinforced concrete frame, including dimensions of columns, beams, base beam, and
mechanical properties of concrete and reinforcement steel. This section has 25 entries.
Figure 7 shows the distributions of two entries of this section; the compressive strength
of concrete and yielding strength of steel in the columns.

Section 4, REINFORCEMENT - summarizes all the characteristics of longitudinal
and transversal steel reinforcements in columns and beams of the RC frames. This

(a) (b) 

Fig. 7. (a) Concrete compressive strength (fck,col), and (b) steel yielding strength (fyk,col) for RC
columns in MID1.0

(a) (b) 

Fig. 8. (a) Longitudinal (ql,col) and (b) transversal (qt,col) reinforcement ratio of columns in
MID1.0.

Fig. 9. Seismic detailing of the specimens CD: capacity-designed, non-CD: no capacity design,
n.a.: not available in MID1.0.
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section has 26 data entries. Columns’ and beams’ sections have been grouped in
typologies in analogy to the approach employed in Berry et al. (2004). Figure 8 shows
the geometric percentage of longitudinal and transversal reinforcement in columns.
Figure 9 provides information on seismic detailing of the specimens. In this context
“seismic detailing” should be interpreted as “capacity-designed”; i.e., conforming to
general capacity design rules of modern codes.

2.1 Damage Classification and Failure Modes

Section 5, FAILURE MODE - includes information concerning the behaviour of the
specimens to lateral loading and at collapse, it is referred only to the 101 infilled
specimens. This section includes drifts at two different damage states (DS2 and DS3)
and a novel classification of failure modes (it has three entries). This is an output
section of the database; in fact, in many cases it was necessary to provide an inter-
pretation of damage descriptions or, where possible, to carry out drift values from the
force displacement behavior of the specimen.

The classification of failure modes for masonry infilled frames has been done in
different studies such as Mehrabi et al. (1994), Asteris et al. (2011). In particular,
specific attention was given to failure modes related to solid masonry infills, while only
a few studies tried to classify the behaviour of masonry infilled frames with openings
such as Kakaletsis and Karayannis (2008) or FEMA306 (1998). In order to generate a
unique general arrangement, useful to characterize the behaviour of both solid infill
specimens and those with openings, a novel failure mode classification is introduced in
MID1.0. The classification is shown in Table 2 and visual representation of each failure
mode is schematically shown in Fig. 10.

For each failure mode, a description is provided similarly to the approach of
FEMA306 (1998). Description of corner crushing (A) is “complete loss of resistance

Table 2. Failure mode classification in MID1.0

ID Failure mode Component involved Solid infill Partial infilled

A Corner crushing Masonry panel √ √
B Diagonal cracking Masonry panel √ -
C Sub-panel diagonal cracking Masonry panel - √
D Bed joints sliding Masonry panel √ √
E RC frame failure RC frame √ √

(a) (b)         (c)         (d)          (e) 

Fig. 10. Failure mode classification (a) corner crushing, (b) diagonal cracking, (c) sub-panel
diagonal cracking, (d) bed joints sliding, (e) RC frame failure as classified in MID1.0
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of the blocks in the corners through spalling of face shells and diagonal cracking in the
adjacent area. The damage can be spread into the whole panel but is more evident in the
corners. This may lead to imminent formation of plastic hinges in the RC frame”.
Diagonal cracking (B) is “numerous diagonal cracks ranging from corner to corner of
the infill panel, in both directions. Usually associated with slight crush of corners
and/or with expulsion of blocks from the middle area of the panel”. Description of Sub-
panel Diagonal Cracking (C) is “numerous diagonal cracks ranging from corner to
corner of the sub-panel, usually from the edge of the opening to the corners. Usually
associated with loss of stability of the opening, slight crush of corners in the sub-panel
and/or with expulsion of blocks from the middle area”.

Description of bed joint sliding (D) is “the main cracking pattern in the middle area of
the infill is concentrated in a few (or a single) horizontal cracks in correspondence of bed
joints, where the greatest displacement occurs. This failure mode could also happen
through amore homogenous distribution of horizontal cracks”. Finally, description ofRC
frame failure (E) is “the failuremode canhappen by isolated collapse of a single element of
theRC frame, typically related to a strength deficit, or after the formation of at least two out
of the four previous failure modes. Almost uniform damage can be acknowledged in the
infill, with complex cracking pattern, blocks spalling and large crushing”.

In this first version of MID1.0, failure mode was defined only for the specimens in
which the authors of the experimental campaigns were providing enough details to
identify clearly the failure mode or in cases in which they were classifying the failure.

Failure mode classification is provided for 55 specimens only; Fig. 11 shows the
distribution of failure modes excluding the cases in which this information was not
available (i.e., 100% corresponds to 55 specimens). When the failure mode description
of the specimen included characteristics of more than one failure mode and authors were
mentioning more than one failure mode we considered hybrid categories (e.g., AB, AD,
BE, CA, DA, DC, DE), in which the first letter identifies the dominant failure mode.

Fig. 11. Failure modes observed on 55 infilled specimens in MID1.0
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Damage states (DSi) were characterized and interpreted according to the EMS98
definition for damage to infills, see Grunthal et al. (1998) and De Luca et al. (2015) for
further details. In particular, we defined as DS2, the so-called moderate damage (i.e.,
cracks in infill walls; fall of brittle cladding plaster; falling mortar from the joints of
wall panels), and as DS3, the so-called heavy damage (i.e., large cracks in the infill
wall). Damage state data were not available for all the specimens, DS2 was defined in
53 specimens, while DS3 was defined in 55 specimens over the total of 101 infilled
specimens. In Figs. 12 and 13 are shown the distribution of DS2 and DS3 in MID1.0
over the total of specimens for which this information was provided.

Section 6 of the database, PIECEWISE LINEAR MODEL includes the multi-linear
fits of the monotonic envelope of each test included in the database. To do so, for each
test, the monotonic envelope has been drawn. In the case of cyclic tests, positive and

Fig. 12. DS2 drift of 53 infilled specimens in MID1.0

Fig. 13. DS3 drift of 55 infilled specimens in MID1
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(a) (b)

Fig. 14. Force-Displacement cyclic response of specimens 3 and 4 of campaign 13 (i.e., 13_3
and 13_4) and monotonic envelope produced in MID1.0 (adapted from Basha and Kaushik 2012
and 2016)

(a)

(b) 

Fig. 15. Piecewise multi-linear fit of tests (a) 13_3 and (b) 13_4 in MID1.0
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negative envelopes are considered. An example of the envelopes is shown in Fig. 14.
This section of the database includes the coordinates of the five points of the fit for each
monotonic branch of the test made according to the optimized algorithm by De Luca
et al. (2013). All the 114 tests were fitted. For instance, Fig. 15 shows the multi-linear
fits of positive and negative branches of the two tests in Fig. 14.

The fits of the 101 infilled test (averaging positive and negative fits when both were
available) were put together to have a preliminary normalized backbone shape for the
test included in MID1.0. Figure 16 shows the average normalized shapes in MID1.0
for different infill typologies (i.e., clay brick, concrete, other) as classified in Fig. 5a.

3 Conclusions

MID1.0 is the first attempt of database of experimental tests on masonry infilled RC
frames. It includes 101 test data. In this preliminary version, the database provides
damage data, a failure mode classification and a normalized fit of all the tests for future
analytical applications.
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Abstract. Current regulations require surveys on materials in order to identify
one or more representative values of the in-situ concrete strength. In this context,
the SonReb method is widespread. It correlates the in-situ concrete strength with
the ultrasonic pulse velocity and rebound-hammer index. The method improves
the reliability of both non-destructive methodologies that are less reliable if
considered separately. However, the method neglects the numerical dispersion
of the acquired resistances, making uncertain the reliability of every represen-
tative value identified. Uncertainty is inherent not only in the variability of the
parameters that determine the values, but also in the use of literature formula-
tions calibrated on “recurring concretes”, i.e. concretes characterized by prop-
erties evenly variables (age, w/c ratio, …) that don’t allow wider use. In this
work, a critical review of the SonReb method is proposed, through a purely
statistical approach with the aid of surveys on some school buildings in the
province of Foggia built in the 60s and 80s.

Keywords: SonReb method � In-situ concrete strength � Material surveys
Safety assessment of existing buildings

1 Introduction

In the last years, the building development has slowly given way to the need to recover
and preserve the large Italian existing heritage. This change of direction is confirmed by
the current codes and national guidelines, which devote large sections to the issue of
safety of existing buildings. With reference to the Reinforced Concrete structures (RC),
a primary aspect of the cognitive process is certainly represented by the activities
related to mechanical characterization of the materials. The characterization of mate-
rials is obtained by performing Destructive Tests (DT). These are to “take samples and
run compression tests up to failure.” The DT methods (among them the core drilling is
the most widespread and used) are technically more delicate to perform. They can
cause damage to the investigated structural portion, and have a greater economic
burden. Consequently, with the core drilling is possible to take only a limited number
of samples. The results could be unrepresentative of the overall characteristics of the
structure in order to estimate the concrete strength. In addition, the values obtained on
the same structural element can have a higher variability (Masi and Chiauzzi 2013).
The sampling can be integrated with Non Destructive Testing (NDT) if the results are
calibrated on those obtained by DT (Ministerial Circular 617 of 2009). The most
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widespread NDT in the field of surveys on materials are the rebound-hammer test and
the ultrasonic pulse velocity test. They are based on the measurement of “related”
physical quantities (the Rebound-hammer Index “Ir” and Ultrasonic Pulse Velocity
“Vus”) that allow to determine the quantity of interest (the concrete strength) “indi-
rectly” through empirically derived relationships. For these reasons, most of the reg-
ulations (DM 2008, FEMA 2000; ACI 1998) and several studies proposed in the last
forty years propose to correlate the results obtained by means NDT with the resistance
values supplied by drilled cores in same points (Mikulic et al. 1992; Mahlotra 1976).
The purpose of correlating DT and NDT is twofold; the first is to determine the
concrete strength in the structural areas where only the results of the NDT are available,
in order to extend the investigated points, the second aims is to expand the data
sampling from which to identify one or more representative resistances (Porco et al.
2014). In addition, the use of NDT is also indicative to take into account, more broadly,
the effects due to laying (Uva et al. 2013), even during the construction phases (Uva
et al. 2014).

In order to reduce the uncertainties deriving by correlation between DT and NDT
methods, it is common practice to use the “Combined Methods”. These methods
correlate the measurements acquired by two or more non-destructive investigations
(Breysse et al. 2008). Currently there are no references UNI EN dedicated to combined
methods but only details about are contained in RILEM NDT4 (1993) which is the
reference code for this approach. In the case of RC structures, between the combined
methods it is widely used the SonReb method that correlates, by means numerical
regressions, the in-situ concrete strength “Rc, situ” with the variables that characterize
the NDT. The underlying concept of the method is the assessment of the concrete
strength in a point by balancing the factors that influence in a divergent way Ir and VUS,
which are unreliable if they individually correlated to the resistance of the concrete
core. Although there are numerous correlations proposed in the literature, with refer-
ence to “standard” concretes or directly obtained by substantial experimental investi-
gations, there are no numerical relations of general validity. Because usually the tested
concretes are different in nature from those under evaluation. A generalized application
of method requires the determination of some corrective coefficients to take account of
the above-mentioned differences (such as the content and type of cement, quality and
size of the aggregates, the presence of additives …). Usually, in the case of existing
buildings in reinforced concrete, these data are not available. Moreover, it should be
noted, that the lack of a general correlation increases the possibility that the sampling is
affected by a greater numerical dispersion. A significant statistical dispersion makes the
average value unreliable to be hired as a “representative” of the in-situ resistance.

In accordance with the provisions of FEMA 356 (2000), several studies (Fiore et al.
2013; Pucinotti 2013), have shown the importance of checking the coefficient of
variation “CV”, i.e. the ratio between the standard deviation r and the absolute value of
the arithmetic average of the resistance values l.

Given the uncertainties arising from the several correlations of the technical liter-
ature and their effects on the numerical dispersion of information acquired through DT
and NDT investigations, this paper collects some critical considerations on the relia-
bility of SonReb method for assessment of in-situ concrete strength. The considerations
are based on the statistical treatment of the data collected from experimental surveys on
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the concrete carried out in the context of the seismic vulnerability assessment of some
school buildings in the Province of Foggia (Italy). The comparative analysis between
the numerical formulations normally used for the identification of the concrete strength
and regressions on the examined concretes, will highlight the limitations of the method
and the peculiarities of the analytical formulations more common.

2 SonReb: State of Art

The SonReb method (Sonic + Rebound) was born in the 60’s from an idea of Facaoaru
to combine the Rebound-Hammer Index Ir and Ultrasonic Pulse Velocity VUS. The
underlying concept is to combine the results of two kinds of survey, which by the same
factor in different way are often influenced, in order to improve the estimate of the
in-situ concrete strength. For example, a high moisture content leads to underestimate Ir
and, conversely, to overestimate the VUS, while by increasing the age of concrete
(predominant feature for particularly dated existing buildings), there is the opposite
tendency (Masi 2005).

The concrete strength is usually estimated by multi-regression analysis using as
dependent variable the cubic resistance of RC concrete, obtained from tests on drilled
cores (fcore/0.83), and as independent variables: Ir and VUS. Over the years, many
authors have researched a universal law to be applied for any concrete. Some authors
have combined the data samples of other authors thus obtaining consistent data set,
without finding, however, the univocal law (Qasrawi 2000). Among various proposals,
it is possible to identify the most frequently used expressions to correlate the above
variables, which in their generical forms are shown below.

Rc ¼ a � Vb
us � Icr ð1Þ

Rc ¼ aþ bVus þ cIr ð2Þ

Rc ¼ a � ebVus � ecIr ð3Þ

where, the Eq. 1 expresses the law in the form called “power-power” (Cianfrone and
Facaoaru 1979), the Eq. 2 in the form “bilinear” (MacLeod 1971) and the Eq. 3 in
“double exponential” form (Wiebenga 1968). a, b and c parameters represent the
coefficients of the numerical regression. There are also those forms “polynomial” in
three or four parameters (Bellander 1977) examined in this study for comparison
purposes but which have not found widespread use.

All numerical formulations, in technical rules and reference guides, purely for
concrete with “recurring features” were developed, i.e. concretes that are affected by
variable factors roughly evenly (age, curing, w/c ratio, …). It is therefore
well-established notion that none of the available expressions has a general validity. In
fact, they provide resistance values with differences of the order of 30–40%. The choice
of the value to be attributed to the concrete strength becomes very difficult. In addition,
many formulations are specifically not valid for low-quality concrete (because of the
low values of the ultrasonic pulse velocity in the material). Therefore, in the case of
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existing buildings, where the concretes often have different characteristics from those
of new construction. Most frequently, the existing concretes have low resistance;
consequently, the already uncertain reliability of some SonReb formulations can easily
fail (Faella et al. 2011).

In Table 1, the formulations used for the purposes of the present work are shown.
The most of them referable to the 1–3 general equations.

3 Case Study

With the OPCM 3274 (2003), the property owner is obliged to assess the seismic
vulnerability of the own building. This obligation has sensitized researchers and
engineers at the greater development of methods aimed at security checks. In this
context, the Polytechnic of Bari and the Basin Authority of Puglia Region have signed
an agreement aimed to carry out the seismic vulnerability assessments of the school
buildings of the Province of Foggia. As part of the agreement, the University has
drafted the “Guidelines for the assessment of the safety of public buildings with
reinforced concrete or masonry structures”. These to technicians in charge to carry out
safety assessments were supplied, as a methodological guidance for the preparation of
the required documentation.

The safety assessments have involved twenty school buildings with backbone in
reinforced concrete and masonry. For the purposes of this study, the results of the
investigation and not destructive of-structive collected on six school buildings (in blue

Table 1. Main SonReb formulations of technical literature.

Expression Author/s

RC ¼ 9:27 � 10�11V2:6
us I

1:4
r RILEM – NDT4 (1993)

RC ¼ 1:2 � 10�9V2;446
us I1;058r Di Leo and Pascale (1994)

RC ¼ 8:06 � 10�8V1;85
us I1;246r Gasparik (1992)

RC ¼ 8:925 � 10�11V2;6
us I

1;4
r Dolce (2006)

RC ¼ 2:756 � 10�10V2;487
us I1;311r Bocca and Cianfrone (1983)

RC ¼ 7:695 � 10�11V2;6
us I

1;4
r Giochetti and Laquaniti (1980)

RC ¼ �0:544þ 0:745Ir þ 0:951Vus Tanigawa et al. (1984)

RC ¼ 4:40 � 10�7 I2r V
3
us

� �0;5634 Del Monte and Lavacchini (2004)

RC ¼ 1:453 � 10�9V2;6237
us I0;5282r Brozovsky (2014)

RC ¼ 1:6411 � 10�9V2;29366
us I1;30768r Mulik et al. (2015)

RC ¼ �34:51583þ 0:26511Ir þ 0:01385Vus Faella et al. (2011)

RC ¼ 0:00153 I3r V
4
us

� �0;611 Arioglu and Koyluoglu (1996) richiamata da
Erdal (2009)

RC ¼ �25:568þ 0:000635I3r þ 8:397Vus Bellander (1979)

RC ¼ �24:668þ 1:427Ir þ 0:0294V4
us Meynink and Samarin (1979)

RC ¼ 0:0158V0;4254
us I1;1171r Kheder (1999)

RC ¼ Ir
ð18:6þ 0:019Ir þ 0:515VusÞ Postacioglu (1985)

164 G. Uva et al.



in Fig. 1) were considered. The buildings date back to the period from 1970 to 1980.
They have mixes of the concrete presumably with similar properties because they are
located within a small territorial perimeter.

The following Figs. 2, 3 and 4, the statistical size of the sampling through the
distribution of the individual samplings of in-situ resistances, the rebound-hammer
indexes and ultrasonic pulse velocities. Each population consists of #38 values.

By observing the distribution of velocities, the homogeneity of the concrete used in
in-situ is apparent. In the range between 2800 and 4000 m/s (range that is attributable
to a good quality concrete (Whitehurst 1951) fall within approximately 81% of the
ultrasonic pulse velocities measured. The rebound-hammer indexes instead are, for
more than 82%, greater than the value of 32, attributable according to technical ref-
erences, to a good surface quality of concrete (Lenzi et al. 2010). For completeness, in
Table 2, the main statistical parameters of the three samplings under examination.

Fig. 1. Locations of the school buildings subject of surveys on materials. (Color figure online)

Fig. 2. In-situ concrete strengths distribution
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4 Results

4.1 Numerical Data Processing

On the basis of data populations described in the previous section, the SonReb method
was applied by using the relationship between Rc,situ, Ir and VUS in according to
generical analytic forms (see Eqs. 1–3). Furthermore, the method was applied by

Fig. 4. Ultrasonic pulse velocities distribution

Table 2. Main statistical parameters of the considered samplings

In-situ concrete resistances
[MPa]

Rebound-hammer indexes Ultrasonic pulse velocities
[m/s]

l 24.47 37.20 3300.65
r 4.70 4.08 490.01
CV 19.2% 11.0% 14.8%

Fig. 3. Rebound-hammer indexes distribution
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evaluating the concrete strengths with the multi-regression relationships collected in
Table 1. The histogram of Fig. 5 shows the average values of the concrete strengths
obtained according to the formulation determined by a specific multi-regression anal-
ysis on the sampling and expressions proposed in the technical literature. For com-
parison, within the histogram is reported the average value l of the in-situ resistances
“Rc(carote)” derived directly from the compression tests on cylindrical samples (drilled
cores).

Some formulations provide representative average values very distant than those
obtained with the Power-Power, Double Exponential or Bilinear numerical regressions.
In particular, with the expression given by Bellander (1979) it is possible to obtain a
resistance value equal to 35.99 MPa, while with the expression proposed by Brožovský
(2014) a value of 17.60 MPa. Compared to the average value of the drilled cores equal
to 24.47 MPa, percentage differences found with both relationships are, respectively,
of +47% and –17%. In order to quantify the numerical distance from representative
value measured by destructive tests, the estimate of standard deviation becomes
important. The statistical parameter is a significant reference to quantify the actual
degree of data dispersion with respect to a predetermined value. In this case, by
assuming as the reference, the mean value of the resistances, the several formulations
exhibit a considerable dispersion of the data with respect to the calibrated regressions
on sampling (Fig. 6). In particular, the standard deviation is greater than 5 for all
formulations collected in Table 1 with the exception of Postacioglu (1985), Kheder
(1999) and Tanigawa et al. (1984).

Fig. 5. Comparison between average concrete strengths
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4.2 Some Remarks

The Italian and European rules identify three of Knowledge Levels (LC), in according
to the number of tests performed. These represent the degree of knowledge of the
building. Each level establishes the method of analysis to be used for security checks
and the value of the “Safety Factor” to be applied to material resistances in conjunction
with specific safety coefficients cm. This procedure allows to take into account the more
or less detailed level as in the knowledge procedure (i.e. historical-critical analysis,
geometrical survey, mechanical characterization of materials …). Therefore, the
resistors used in static and seismic tests, are highly dependent on the number of data
collected during the tests on the materials and the estimate of the average representative
values expressed in terms of cylindrical compressive strength. This approach tends to
neglect the numerical dispersion of the concrete elements. Dispersion is a recurring
feature of the generic sampling data collected in surveys carried out on materials.
Therefore, the estimated mean value is often non-unique and representative of the
in-situ concrete, because it derives by a set of data having a high amplitude.

The FEMA 356 (2000) introduce a limitation on the use of the average value of the
strength of the concrete in situ depending on the value assumed by the Coefficient of
Variation CV. In particular, the use of the average value is allowed until CV � 14%.
The limit excludes the possibility that the value becomes representative of the whole
data population under consideration Fig. 7 shows how the limitation indicated by
FEMA 356 is frequently not satisfied.

In the case of SonReb method is possible to highlight how the use of known
formulations involves of the data loss that are prohibitive in order to estimate the
resistance value of the sampling. Only the estimate of formulations in the
Power-Power, Double Exponential or Bilinear form calibrated directly on the popu-
lation of resistances allows to identify a single representative value. Other important
aspect lies in the advantage obtained by the use of NDT. The CV for the only drilled
core resistances exceeds the limit of 14%, while using the SonReb method the

Fig. 6. Standard deviations
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Coefficients are, respectively, equal to 6.0% (Power-Power), 6.1% (Double Exponen-
tial) and 5.8% (bilinear).

5 Conclusions

In this paper, with the aid of data collected from surveys carried on six school buildings
in the Province of Foggia (Italy), some remarks about the reliability of the SonReb
method were proposed. National and European standards push towards the identifi-
cation of the average resistance value resulting from surveys on materials as parameter
representative of the in-situ concrete. In this trend, there is the need to investigate if
there are real benefits from the use of the combined method. The previously mentioned
size, suitably remoulded in according to the Knowledge Level, is frequently, in the
context of the safety assessments of existing buildings. However, based on homoge-
neous data was highlighted as the combined method is reliable only where it is directly
calibrated on the same data sampling. Indeed, the application of literature formulations
involves, as expected, coefficients of variation, and then, dispersions from the repre-
sentative average value, very wide (even more than 50%).

By contrast, without resorting to “pre-packaged” formulations of literature, the use
of the combined method is a valid aid for the structural checks. In fact, in the presence
of a sufficient number of non-destructive tests, the adoption of the SonReb combined
method reduces the numerical dispersion compared with the case constituted by the
resistances arising from core samples (in the case study of about 10%).

Acknowledgements. The research presented in this article was partially funded by the
Department of Civil Protection, Project ReLUIS-DPC 2014-2018.

Fig. 7. Coefficients of variation
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Abstract. New phase change materials (PCMs) are promising fillers for the
realization of multifunctional concretes, combining good mechanical properties
with enhanced thermal storage capabilities within building envelope. These
materials are currently receiving a growing interest in the scientific literature.
Encapsulated PCMs result particularly suitable for applications in concrete. This
paper presents a research on concretes doped with different contents of PCMs,
up to the 5% of the total weight. Physical, mechanical and thermal experimental
tests were carried out, in order to investigate the physical properties, the
stress-strain behaviour, the ductility, the compressive strength, as well as the
thermal conductivity, the diffusivity and the specific heat capacity of the novel
concretes. The results of thermal tests demonstrated the effective enhancement
of the thermal inertia of the materials, while mechanical tests showed perfor-
mances compatible with structural applications. Overall, new multifunctional
concretes with PCM inclusions appear promising for achieving sustainable and
lightweight concrete structures.

Keywords: Phase change materials � Structural concretes
Cement-based composites � Stress-strain envelope � Thermal properties
Smart materials

1 Introduction

Novel nano- and micro-cementitious materials result a topic of growing interest in
scientific literature (Shah et al. 2009; Ubertini et al. 2016). Cement-matrix materials
result particularly suitable for a micro-structural modification, due to the presence of
components and pores at different scales. The fillers can confer to the materials mul-
tifunctional properties, as new or enhanced capabilities (D’Alessandro et al. 2016a;
2016b; Laflamme et al. 2015; Yang and Che 2015). In particular, phase change
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materials (PCMs) possess high heats of fusion and, during the melting or solidifying
transitions at a fixed temperature, are capable of storing or releasing energy (Sharma
et al. 2009). Their use in building materials permits to optimize thermal-energy effi-
ciency and construction sustainability of constructions (Kalnæs and Jelle 2015;
Navarro et al. 2016; D’Alessandro et al. 2016a; 2016b). An optimal phase change
material for concrete needs to exhibit appropriate mechanical performances, a proper
phase change temperature and a great melting enthalpy. Also, the choice of such
materials usually is also led considering other physical, technical and economic
aspects, (Cabeza 2015; Fernandes et al. 2015). Research investigations present in
literature mainly concern the capability of PCMs to improve the thermal performance
of concrete, assessing whether the mechanical properties were severely flawed (Zhang
et al. 2004; Lecompte et al. 2015). In order to ensure such acceptable properties, most
of these studies focus on the integration of microencapsulated PCMs in cementitious
admixtures, thus avoiding leakage problems which could negatively affect the com-
pression resistance of the samples (Konuklu et al. 2015).

The present paper is aimed at investigating the mechanical and thermal perfor-
mance of concretes with PCMs for structural applications in comparison to ordinary
concrete. The paper is organized as follows. Firstly, a literature overview on the use of
PCMs as multifunctional additives in concrete is presented in Sect. 1. Materials and
samples developed within this work are presented in Sect. 2. The experimental
methodology is described in detail in Sect. 3, while test results are presented in Sect. 4
and discussed in Sect. 5. Finally, the paper presents the main findings and conclusions.

2 Materials and Experimental Methods

2.1 Phase Change Materials

The PCMs utilized in the experimentation were Microtek Microencapsulated PCM.
They appeared as a white powder (Fig. 1a) with a mean particle size between 17 and
20 µm. The core material inside the microcapsules, consisted of a inert polymer, was a
paraffin-wax with heat absorption capabilities and a melting point at 18 °C. The PCM
content was about 85–90% with respect to the total mass.

Fig. 1. (a) Appearance of MicroPCM; (b) Microscope enlargement of concrete with 5% of PCM
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2.2 Concrete Preparation Procedures

Table 1 shows the components of the normal reference concrete and the concretes
prepared with the addition of 1, 3 and 5% of PCMs with respect to the whole mass of
the composite. The water/cement ratio was 0.45 for all the admixtures, except for 5%
PCM-concrete, with a w/c ratio of 0.5, necessary to obtain similar workability. The
cement was type 42.5, pozzolanic. The aggregates were constituted by sand and gravel
with nominal dimensions from 0 to 4 mm and from 4 to 8 mm, respectively.

The sample preparation process consisted in the preliminary mix of cement, sand,
gravel and PCMs (Fig. 2a), and the subsequent addition of water and plasticizer
(Fig. 2b). Then, the dough was mixed and carefully poured into oiled moulds, in order
to avoid the separation of the fillers (Fig. 2c). The samples were unmolded for curing
after some days (Fig. 2d). After mixing, microPCM capsules appeared intact, since no
oil was observed in the composites.

The samples were cubes with sides of 100 mm, for mechanical tests, and prisms
with squared bases of 190 � 190 mm2 and height of 50 mm, for thermal experiments.
Figure 3 represents the structure of the normal and the PCM-concrete, with dispersed
microcapsules. An enlarged image of a fragment of hardened concrete with PCMs can
be observed in Fig. 1b. The microscope used for the elargements was type Bresser,
Biolux NV, with magnifications up to 1280X.

Table 1. Mix design of normal reference concrete and concretes with PCMs.

Components (kg/m3) Normal concrete Concrete with
PCM
1% 3% 5%

Concrete 524 511 486 447
Water 234 228 218 223
Sand (0–4 mm) 951 927 882 817
Gravel (4–8 mm) 638 622 592 548
PCM - 24 71 102
Plasticizer 2.6 2.6 2.4 6.8
W/C ratio 0.45 0.45 0.45 0.5

Fig. 2. Preparation process of concretes with PCMs
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2.3 Experimental Setup

Mechanical Tests
After curing, the sample were measured and weight and then compression tests were
carried out, using an Advantest machine, model Controls 50-C7600 (Fig. 4a) with a
servo-hydraulic control unit model 50-C9842 (Fig. 4b), instrumented with three LVDT
placed at 120° (Fig. 4c). The compressive loads were applied under displacement
control, up to the collapse. Both resistance and ductility after peak have been inves-
tigated. The test speed was 2 lm/s, in agreement with the EN 12390-3 standard.

Thermal Tests
The thermal investigations of the prismatic samples were carried out by means of
Transient Plane Source (TPS) method, using a Hot Disk 2500 system, in accord with

Fig. 3. Schematic representation of the structure of Normal Concrete and Concrete with
microPCM

Fig. 4. Experimental setup for mechanical tests: (a) testing machine; (b) central control unit;
(c) cubic concrete sample instrumented with LVDTs
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the ISO 22007-2 standard and an ATT DM340SR climatic chamber equipped with 12
PT100 thermocouples. In the environmental chamber the samples were insulated by
XPS panels: just the upper side was exposed to the controlled environment of the
chamber (Fig. 5a). Each sample was instrumented with four PT100: one on bottom
surface, one on the upper surface and two probes on the lateral sides. The thermal
program consisted of five subsequent segments, 8 h long, with linear varying tem-
perature between 26 °C and 10 °C and a fixed RH value of 50%. The thermal tests in
the climatic chamber were aimed at investigating the melting temperature of the PCMs
within the concretes and the phase change enthalpy. The Hot Disk tests were carried
out in a single sided configuration, installing a superinsulating material on the other
side of the probe. These tests were aimed at assessing the thermal conductivity and the
thermal diffusivity of the concretes, and to derive the specific heat.

3 Mechanical Tests

The mass density of concretes with PCMs decreased with the increase of the filler
content.

In particular, 5% PCM-concretes demonstrated a density reduction of about 11%
with respect to normal concrete (Fig. 6a). So, they resulted suitable for the realization

Fig. 5. (a) Prismatic samples in the climatic chamber; (b) setup of the hot-disk

a) b)

Fig. 6. (a) Variation of density in concrete samples with different amounts of PCM; (b) sample
of 5% PCM-concrete after compressive test
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of lightweight concretes. Figure 6b represents the fracture pattern of a specimen of 5%
PCM-concrete after compressive test: it exhibits a bi-pyramidal fracture, indicating a
good behavior of the material.

The concrete samples were compared in terms of average compressive strength,
Rm, and of characteristic compressive strength, Rck, in order to evaluate their feasibility
as structural materials. Rck represents the strength value which the 5% of the tested
samples don’t achieve. According to literature, it is analytical defined as:

Rck ¼ Rm � k � s ð1Þ

where s is the standard deviation, and k depends on the number of tested samples. It
was assumed equal to 3.40 and 2.75 for PCM-concretes (5 samples) and normal
concrete (8 samples), respectively. Also, the coefficient of variation is particular rele-
vant for structural applications because low values of this characteristic result in higher
structural reliability:

CV ¼ s=Rm ð2Þ

All samples with and without PCMs exhibit the typical non-linear stress-strain
curve, with decaying branch after peak.

Figure 7 shows the results of all the tested samples without PCM and with
microPCM. As expected, the compressive strength of the concretes decreased with the
increase of the content of PCMs because of the lower strength of PCM capsules with
respect to aggregates.

The characteristic compressive strength shows instead a better performance of
concretes with low amounts of PCMs. Microcapsules can provide higher specific area
for nucleation sites in cement hydration, and could have a beneficial thermal effect in
the composition of the hydration products.

a) b)

Fig. 7. (a) Average compressive strength with standard deviation, and (b) characteristic
compressive strength of the tested concretes with different amounts of PCMs
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Table 2 reports the average compressive strength resulted from the axial com-
pression tests. The table also shows the values of the coefficient of variation (CV) of the
composites, their characteristic compressive strength and their average density. The CV
of normal concrete tested in the experimentation is equal to 0.09, within the typical
range of ordinary concretes. The CV values of PCM-concretes resulted smaller or equal
than 0.09 and demonstrated the good reliability capabilities of the composites for
structural applications. Moreover, 1% PCM-concrete possessed a coefficient of varia-
tion of 0.02, considerably less than the value of normal concrete. The low dispersion
exhibited by resistances of 1% PCM-concrete resulted in an increased structural class
from C25/30 of normal concrete to C28/35. Moreover, all concretes with PCMs
demonstrated structural properties compatible with the use as structural concretes.
Figures 8 represents the single stress-strain curves resulted from the compressive tests
at displacement control, for all the normal concrete samples and samples with PCMs.
The graphs show clearly the behavior of the materials with increased strain: the peak
value represents the maximum compressive resistance, while the post peak branches
are representative of the ductility properties. Each type of concrete exhibits a similar
behavior even if a decrease of the maximum resistance can be observed. PCMs seem
not to affect the ductile capabilities of the concretes. Figure 9 shows the average values
of the stress-strain curves for each typology of concrete. The values were obtained by

Table 2. Compressive strengths, CV and densities of concrete composites normal and with
PCMs

Type of concrete Rm [MPa] CV Rck [MPa] Density [kg/m3] Class

Normal 44.39 0.09 33.52 2265 C25/30
1% PCM-concrete 43.67 0.02 41.16 2233 C28/35
3% PCM-concrete 29.46 0.09 20.60 2057 C16/20
5% PCM-concrete 25.25 0.04 21.80 2018 C16/20

Fig. 8. Stress-strain curves of the complete uniaxial compression tests on concrete without and
with PCM up to a strain of 10 µe.
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calculating the mean stress for fixed strains. The diagrams clearly show that the elastic
modulus is greater for the concrete samples with higher compressive strength.

4 Thermo-Physical Tests

The thermo-physical tests were aimed at investigating the phase change materials in
dynamic experimental conditions in order to assess the thermal benefits of the addition
of PCMs in concrete.

The results coming from the thermal cycles show that all the samples followed the
imposed temperature history. The differences between the temperature applied and
measured on the concrete samples are due to the high thermal inertia of the cementitious
material.Moreover, the sampleswith PCMs exhibit a peculiar behavior in the temperature
range between 17 and 12°C, in the descending ramp, and in the range between 15 and 18 °
C in the increasing ramp (Fig. 10). The deflections resulted in the thermal profile of
concrete with 5% of PCMs, with respect to the reference trend of the normal concrete
sample, are associated to the phase change taking place in the fillers. Indeed, the paraffin
inside the microcapsules has a nominal melting point of 18 °C. The first deflection
referred to the solidification of the PCM, while the second one to the melting transition.
During these phenomena, the PCM-concretes decrease their temperature at a lower level,
since thermal energy is stored in the latent storage material, necessary to break or form
molecular bonds in the PCMs. The effect of the presence of PCMs is visible up to about
2 h. Figure 11 represents the thermal behavior of concretes with 1% and 5% of PCMs,
compared to the thermal behavior of the reference normal concrete, as recordedwithin the
environmental simulation chamber. Phase change phenomena are clearly visible during
cycles, closed to the transition phase temperature of the fillers. As shown in the diagrams,
the concrete with the highest content of PCMs exhibited the greater deviation, resulting in
a higher amount of energy absorbed and released by the concretes in phase change
transition. Such behavior is highlighted also by the presence of a larger area included in
the trends. Otherwise, the concretes with 1% of PCMs exhibit a thermal behavior almost
linear, very similar to that of normal concrete.
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Figure 12 depicts the thermal conductivity and the diffusivity measured in the
concrete samples with different amounts of PCMs, in comparison with the normal ones.
The samples presented a slightly variation of both thermal conductivity and diffusivity
in concretes with PCMs, with respect to normal concrete. In particular, the composite
materials showed a reduction of the thermal conductivity, probably due to the small and
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closed pores created by the addition of the PCM microcapsules. Also, the capability to
propagate the thermal wave in transient conditions resulted increased. The specific heat
of the different concretes with and without PCMs was also tested, as key parameter
influencing the thermal inertia of buildings and typically characterizing both sensible
and latent thermal energy storage components. The presence of higher percentages of
fillers resulted in a reduction of the specific heat superior to 20%. Indeed, microen-
capsulated materials seem to produce a noticeable effect on the thermal inertia of
concretes.

5 Conclusions

This research was aimed at investigating the multifunctional performance of
PCM-concretes for building applications.

Such concretes were made by adding increasing amounts of microencapsulated
PCMs, from 1% to 5% with respect to the total mass of the material. The fillers had an
internal core made of paraffin with melting temperature at 18 °C. Both mechanical and
thermo-physical tests were carried out, in order to investigate the multifunctional
properties of such materials and their applicability to structural civil engineering. The
results of mechanical test demonstrated that PCM-concretes are compatible with
structural applications as lightweight concretes. With respect to normal concretes, a
reduction up to 11% in weight was observed. Moreover, small additions of PCMs
resulted in an increase of the characteristic resistance. At the same time, the prototyped

Fig. 12. Thermal conductivity, diffusivity and specific heat resulted by means of hot disk tests
on normal concretes and with different contents of PCMs
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concrete manifested thermal capabilities suitable for building energy efficiency appli-
cations. Thermo-physical tests demonstrated that the phase transition is visible in
PCM-concretes with higher amounts of fillers, resulting in a mitigation of the tem-
perature fluctuations in the matrices.
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Abstract. External unbonded rebars represents a suitable strengthening tech‐
nique for the retrofitting of existing Reinforced Concrete (RC) members. Advan‐
tages regard the ease of installation, a minimum invasiveness and possibility of
future inspections. Structurally, increment of flexural stiffness and bearing
capacity and enhancement of shear-flexure behavior can be achieved. The pres‐
ence of both bonded and unbonded bars introduces a change in the way the shear
actions are resisted. Unbonded rebars develop an arch action component, with no
bond present and constant force in the rebars, in addition to the beam action
component, normally developing in presence of bonded bars. The present paper
reports the results of four point loading tests on full-scale beam, with the aim of
studying the influence of different bond condition. Moreover, the Double Harping
Point technique, using external rebars and vertical deviators, is presented, with
attention to the definition of the vertical equivalent stiffness of the deviators.

Keywords: Shear strength · Unbonded rebars · Beam and arch action
Retrofitting

1 Introduction

In recent years, an increasing attention has been devoted to the assessment and the
structural rehabilitation of existing reinforced concrete (RC). This is mainly due to
problem connected with structural deterioration, with more onerous requirements in
Standards and Building Codes or with the change in use of the building, resulting in an
increase of the loading.

The retrofitting of existing RC elements by means of external steel rebars was already
studied in previous works (Cairns et al. 2005; Minelli et al. 2008). The technique is
illustrated in Fig. 1. High yield threaded bars are applied to both sides of (or, in some
application, under) a RC beam. The bars pass through yokes at the ends of the beam,
where they are anchored by locknuts. On all but short spans there are benefits from use
of deflectors to avoid a reduction in effective depth as the beam deflects. External bars
can thus easily be installed by hand: no significant prestress is required and only suffi‐
cient force to firmly secure the bars or to obtain low post-tension action is applied.
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Fig. 1. External unbonded bars reinforcement

The Authors highlighted some of the advantages of that reinforcement technique,
resulting a more cost effective and less disruptive solution to the problem of strength‐
ening simply supported RC elements. Moreover, the use of external unbonded rein‐
forcement presents many of the merits of post-tensioning with unbonded tendons,
dispensing at the same time with the need of specialist stressing operation. Less clear‐
ance is needed for the end anchorages, since there is no need to provide access for jacks.

The corrosion protection can be based on systems used for external prestressing. The
technique is also compatible with principles of conservation, which require that a struc‐
ture be returned to its original condition after any interventions.

Some disadvantages are also present: the system is limited to be used for the
strengthening of simply supported beams, the end anchorages position represents a risk
of anticipated failure (only in case it is not possible to install them over the support
points) and space limitation may be present for systems applied under the element to be
reinforced.

The concept of retrofitting by means of unbonded external reinforcement developed
from observations of reinforced concrete beams when concrete around bars is broken
out during repair actions. The study showed that the debonding of the longitudinal rebars
might cause little reduction in strength (Cairns and Zhao 1993) or even an enhancement
in ultimate strength of beams deficient in shear (Cairns 1995), thanks to development
of an arch action component, which represent a more stable shear resistant mechanism.
Without bond, the force in reinforcement must be constant along the length of the beam.
The lever arm between reinforcement and concrete, and not bar force, must vary with
bending moment. The neutral axis depth therefore also varies, in a manner consistent
with arch rather than shear-flexure action. Concrete is, of course, better at resisting
compressive stresses than shear stresses. It might thus be expected that this change from
a purely flexural mode of failure towards a tied arch/flexure hybrid would be accompa‐
nied by an increase in shear capacity.

The potential of retrofitting using external bars anchored only at the ends of simply
supported flexural elements (Fig. 1) has been demonstrated for flexural modes of failure
(Cairns and Rafeeqi 2003), reaching a strength enhancements of the order of 100%.
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In this paper, results concerning the behavior of member with embedded plain bars
are also presented. Many existing structures, built after the second world war (up to the
70 s), present plain bars as longitudinal reinforcement. That type of rebars, not having
lugs or any other surface deformation, are not able to transfer the bond stress by means
of mechanical interlock. For this reason, the bond transfer mechanism is less efficient
than in the case of members reinforced with deformed bars.

In the early Twentieth Century, an intensive experimental campaign on members
with plain bars was performed (Abrams 1913). The Author highlighted two main
resistant mechanisms: adhesive resistance and sliding resistance, the latter arising from
inequalities of the bar surface and irregularity of its section and alignment together with
the corresponding conformation in concrete.

Other researches further demonstrated that adhesive resistance can be attributed to
the chemical adhesion mechanism and the micro-interlocking of concrete keys generated
by the penetration of cement paste into the indentation of the bar surface (Stoker and
Sozen 1970).

Tassios (1979) pointed out that a small slip is needed for activating micro-inter‐
locking and developing the maximum adhesive resistance.

In recent years, an experimental research was carried out to investigate the effect of
flexural cracking and bond loss on flexural behavior (Feldman and Bartlett 2008). The
Authors tested two beams, critical in flexure, presenting the same contact area but
different reinforcement ratios. The beam with the higher reinforcement ratio (0.98%)
exhibited arch action because of the bond failure at about 60% of the maximum load.
The other member, with a ratio of 0.33%, presented a predominant beam action up to
the failure.

The present study was therefore undertaken with the aim of studying the influence
of different bond condition (deformed, plain and unbonded rebars) on the shear-flexure
behavior of RC members. Plain rebars, behaving similarly to deformed rebars for very
low slip and to unbonded rebars for higher slip values (Tinini 2016), represent a type of
reinforcement of great interest from the structural rehabilitation point of view. There‐
fore, they are included in the study in order to consider a more comprehensive case study.

2 Experimental Investigation

2.1 Specimen Geometry

The experimental program concerned seven full-scale beams tested under a four point
loading system with a shear span-to-depth ratio a/d of 2.5, the most critical for shear
resistance of RC members with no transverse reinfocement.

A total depth of 500 mm was chosen, with a gross cover of 40 mm. According to the
a/d ratio considered, the shear span length was 1150 mm, while the total span length
was of 4300 mm and the overall length 4500 mm. Four of the experimental specimens
were made considering different type of embedded rebars (deformed (B), plain (S) and
2 unbonded (U), with deformed rebars placed through a corrugated plastic pipe that
covered them), and three combining in pairs the different levels of bond condition
considered (BS, BU and SU). Rebars having a diameter of 20 mm were used in case of
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bonded and unbonded rebars, while 22 mm diameter bars were used for plain bars. This
resulted in a reinforcement ratio varying from 1.09% to 1.32%.

Figure 2 reports the main geometrical properties of the specimens.

Fig. 2. Specimen geometry

2.2 Material Properties

All the beams were made with the same concrete mixture. The mix design consisted in
430 kg/m3 of Cement Portland II/A-LL 42.5R and 168 kg/m3 of water, resulting in a
water/cement ratio (w/c) of 0.39. The maximum aggregate size was 14 mm. An amount
of 3.85 kg/m3 of superplasticizer was added to the concrete in order to enhance the
workability. According to European Standard EN 12350-2, the concrete showed a S4
consistency class.

In accordance with EN 12390-13 and EN 12390-3 five cylinders 80(Ø) × 210 mm
and ten 150 mm cubes were used for the determination of the Modulus of Elasticity and
the cubic compressive Strength of concrete, respectively. After 28 days of curing, the
secant Young’s modulus, Ecm, was 29.7 GPa, while the cubic compressive strength, Rcm,
was 54.04 MPa. The cylinder compressive strength of concrete was analytically derived
as fcm = 0.83Rcm and resulted 44.85 MPa.

Rebars properties were evaluated according to EN 15630-1; the yielding and ultimate
tensile strength resulted respectively 522.0 MPa and 639.1 MPa for deformed rebars
and 388.1 MPa and 567.6 MPa for plain bars.

2.3 Test Set-up and Instrumentation

A displacement-controlled test was adopted to allow a suitable test control during critical
steps, such as in the case of abrupt cracking phenomena or load drops. This was obtained
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by adopting a worm electro-mechanical screw-jack having a loading capacity of 1000
kN and a stroke of 350 mm.

In the test loading frame (Fig. 3), the actuator was hanged at the laboratory strong
floor (with a thickness of 1050 mm) and the load transferred to the top through transverse
steel beams (two 2-UPN400) and 32 mm dywidag rebars, passing through holes in the
strong floor. The applied load was measured by two load cells placed between the bearing
steel plates of the dywidag bars and the upper 2-UPN400 beam. The top cross beam
loaded the longitudinal steel beam at its midspan. The longitudinal beam, in turn, loaded
the specimen in the two desired points through steel cylinders. These cylinders, welded
to a 300 × 100 × 5 mm steel plate, were placed above a layer of neoprene with a thickness
of 25 mm to better transfer and distribute the load between the frame and the beam.

Fig. 3. Scheme of loading system adopted

Being the flexural span of specimens equal to 2000 mm, 2-UPN400 beam, identical
to the lower transverse beam, were used as longitudinal beam.

A consistent number of instruments were used for monitoring the most important
displacements and deformations of specimens, besides the applied loads. Linear Vari‐
able Differential Transformers (LVDTs) allowed the measurement of the vertical
displacements of the beam and the supports. Potentiometric transducers were placed on
both sides (back and front) of the specimens in the area of shear stresses (shear spans),
to measure crack openings and strut deformations and, in the flexural span, to measure
top compressive chord shortening and the elongation of the bottom chord at the bar level.
The transducers for crack openings were placed with an inclination of 135° with respect
to the horizontal.

The ones for the strut deformation were placed along the ideal connection line
between the center of the support and the center of the loading point.
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3 Experimental Results

3.1 Failure Mode

Figure 4 reports the comparison of the load-deflection (at midspan) curves for every
specimen. Beam IDs report the number of bars with the related bond type, the shear
slenderness and, in case of duplicate, an identification number. Firstly, it can be noticed
that the influence of bond is very significant, determining a rather different structural
behavior. For load levels significant for service conditions (around 100 kN), all speci‐
mens with bonded rebars exhibited a quite stable behavior with a crack onset and prop‐
agation highly controlled, and with overall deformations much smaller than those shown
by the fully unbonded specimens.
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Fig. 4. Load-displacement chart

A noticeable tension stiffening effect was also reported. This behavior resulted more
evident for the 4B specimen (4 deformed rebars), but became less effective with
decreasing of bond level, resulting in a reduction of the specimen cracked stiffness.

In beams 4B and 4S, however, at a very low load level, a classical, sudden and brittle
shear failure appeared through a wide crack running from the point load to the bottom
reinforcement, toward the support, in the shear span. This brittle collapse occurred for
crack widths, measured in the shear span, of about 0.3 mm, which represents a quite
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small value (i.e., one would think to be in a safe situation under such a structure), even
though in accordance with classical literature on shear.

The failure load was almost the same, therefore no significant influence of the rebar
type (deformed or plain) was shown for this specific cross-section. The reason is prob‐
ably related to absence of debonding at the failure load level.

The beam with a mix of the two types of bars (2B2S) presented a higher bearing
capacity than the other two members with only plain or only deformed rebars.
Approaching the failure load of 4S and 4B specimens, a change in stiffness and a small
load drop for the mixed beam can be observed, but no brittle failure occurred; indeed,
the load further increased, reaching a value 16% higher than the one for bonded and
plain specimens.

Also the other mixed specimen (2B2U and 2S2U) presented a greater bearing
capacity, due to the presence of unbonded rebars and to the development, from the very
beginning of the experimental test, of an arch action contribution.

The behavior exhibited by the two specimens with unbonded rebars was really
different: after the first cracking load, a single, very wide flexure crack appeared in the
flexural span between the loading points, in combination with considerable energy
release and displacement. After that, only a few other flexure cracks, which were very
wide, developed. For the specimens a flexure failure was attained through concrete
crushing in the top chord, but well before the yielding of the reinforcing bars.

The need to perform an additional test on a copy of 4U-1 beam was related to a
problem with the anchorage steel plates, due to concrete shrinkage, unrestrained by
unbonded rebars. The shortening of the specimen resulted in a gap between the plate
and the edge of the beam of about 1.5 mm, which did not allow the mutual interaction
between concrete and longitudinal reinforcement (for unbonded elements, with no steel-
to-concrete bond, the load can only be transferred by means of the anchorages). When
the cracking load was reached for 4U-1 specimen, the gap was still open and the beam
behaved like an unreinforced concrete member up to a deflection of 7 mm.

This problem was solved in 4U-AD2.5-2 specimen by inserting, a few days before
the test, a layer of bedding mortar between the anchorage steel plates and the edges of
the beam and welding the plates to the longitudinal bars. At the formation of the first
flexural crack, the energy release and the displacement of the new member were signif‐
icantly lower than in 4U-1 (Fig. 4). The vertical propagation of the crack was reduced
and a top compressive strut thickness of 55 mm was measured. Because of that, the
bearing capacity of the element was 50% greater but a ductile failure was not reached
anyway.

The maximum deflection of unbonded members was 2–2.5 times greater than the
one exhibited by the bonded specimens, while the bearing capacity of 4U-AD2.5-2
specimen turned out to be almost 1.5 times greater. No crack in the shear span, or inclined
crack elsewhere, were reported.

The unbonded specimens, however, exhibited a cracking onset unacceptable under
a design point of view. The first crack that arose in specimen 4U-1 was about 2.7 mm
wide (1.5 mm for 4U-2 beam) and the midspan deflection suddenly dropped from 1.1
to 6.7 mm for 4U-1 (from 1.2 to 3.7 mm in the case of the 4U-2 beam). Moreover, the
first vertical crack ran for almost 90% of the depth of the beam. Such a situation would
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have considered much more dangerous that the one mentioned for the bonded specimens.
It is observed, on the contrary, that after this stage, flexural cracks develop in a fairly
stable fashion.

Figure 5 illustrates the main shear crack width versus the load, for five of the speci‐
mens (the two unboned beam were obviously excluded, not presenting any crack in the
shear span). The different bond condition influenced the cracking process; in fact, in
bonded specimens (deformed and plain rebars), the collapse arose for very small crack
width (~0.3 mm), as already explained. Decreasing the bond level, a more stable and
wider crack propagation can be observed, reaching a crack width of 3 mm in 2S2U
specimen. In specimen 2B2U, a sudden crack opening occurred for a width of 0.5 mm;
afterwards, the beam was able to further increase the load and to reach a final crack
width of 5.2 mm (with a more distributed crack pattern anyway). From that considera‐
tion, it can be concluded that the presence of both bonded and unbonded bars, intro‐
ducing a mixed arch/beam action behavior, is able to increase the shear bearing capacity
of reinforced concrete members and to allow stable shear cracks up to widths ten times
greater than deformed rebars only.
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3.2 Crack Pattern

Figure 6 presents the crack patterns at failure for six of the specimen.
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Fig. 6. Crack patterns at failure

Concerning 4B, flexure-shear crack appeared at a load intensity of 180 kN at a
distance from the load point of almost 500 mm (similar to the beam depth), developing
in an inclined crack towards the same loading point. This crack resulted the critical one
along which the typical shear failure (block mechanism) took place. A considerable
splitting along the longitudinal reinforcement could also be observed.

A similar behavior can be observed in most of the other members (2B2S, 4S, 2B2U
and 2S2U), with the main difference that the critical shear crack resulted closer to the
loading point in rebars having a lower bond resistance. Accordingly, the critical crack
(failure crack) became steeper.

Looking at the flexural span it can be noted that, with rebars having a lower bond
resistance, the flexural crack pattern resulted more spaced, with fewer and wider vertical
cracks. In the evaluation process for assessment and rehabilitation of existing buildings,
this could result in possible durability issues.

Concerning specimen 4U-1, a 2.7 mm wide crack (vertical) arose at a load level of
54 kN (first cracking point) with a propagation in 90% of the beam depth; a second
shorter flexural crack developed for a load intensity of around 67 kN; another macro
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crack formed later on. All of the cracks tended to bifurcate and to become horizontal,
clearly showing the arch shape. The final collapse occurred at the top chord of the
member with concrete crushing and without cracks in the shear span.

4 Double Harping Point System

4.1 Introduction

This strengthening system presents many similarities with the unbonded tendons post-
tensioning technique: however the use for retrofitting of RC elements is derived by a
very similar technique quite common for the retrofitting of timber roof beam (Giuriani
2012).

The posts m (Fig. 7), due to the presence of the steel bar system, can be considered
as two new vertical supports elastically unrestrained, with an equivalent stiffness kV.

Fig. 7. Double harping point reinforcement for a timber roof beam (Giuriani 2011)

Giuriani suggested to consider these support as fixed (kV =  ∞) for normal dimension
timber beams and for the area of reinforcement usually adopted (As ≥ 5 cm2). In this
case, the ratio between the displacement of the reinforced member, wr, and the displace‐
ment of the unreinforced, w, is less than 1/10.

These considerations are generally questionable in case of retrofitting of reinforced
concrete elements. The material and geometrical properties in that case do not allow this
simplification. Because of that, a proper evaluation of the equivalent stiffness offered by
the reinforcement system is very important for considering the real redistribution of the
load and avoiding underestimation of the internal forces on the member.

4.2 Evaluation of Actual Equivalent Stiffness

In a double harping point system for a reinforced concrete beam (Fig. 8), the distance
between the anchorage point in the proximity of the supports and the centroid G of the
transformed concrete section (e1), the distance between the horizontal bars and the cent‐
roid G (e2), the position of the posts (l1) are all very important design aspects, influencing
the efficiency of the reinforcement.
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Fig. 8. Main geometric parameters and inclined bar compatibility (particulars 1 and 2)

The inclination of the bars in the external spans is a function of those parameters:

𝛼 = tan−1
(

l1

e1 + e2

)
(1)

It is possible to observe that increasing the distance of the horizontal bars from the
edge of the beam (increasing e2), the value of α decreases, resulting in a higher vertical
force in the posts. Assuming the effect of the post on the beam similar to that of a vertical
axial spring of stiffness kV, that results in an increase of equivalent stiffness.

However, due to maximum distance requirements for the reinforcement, the value
e2 cannot be increased freely.

If e1 ≠ 0, the anchorage point at the support level is not coincident with the centroid
of the cross section of the beam. Because of that eccentricity, the element is not only
subjected to a horizontal axial force but also to a concentrate bending moment at support.

The vertical equivalent stiffness of the reinforcement, kV, does not depend only on
the geometrical and material properties of the reinforcement, but also on the character‐
istic of the RC beam (flexural stiffness in the first time). The properties of the beam
(neutral axis position, moment of inertia, moment of areas) for an element subjected to
both bending moment and axial force are a function of the values of the internal forces.
On their side, the internal force distribution depends on the equivalent stiffness of the
support. That result in a circular reference, in which it is possible to consider three main
parameters (Fig. 9):

– The equivalent vertical stiffness of the posts [kV];
– The neutral axis position [c];
– The eccentricity of load to centroid [e = u + ycen].
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Fig. 9. Geometrical properties of the RC element (rectangular cross-section)

Only two of these unknowns are independent from the others and so, to solve the
system, two equations are needed:

– Rotational equilibrium with respect to the point of eccentricity of load (P);
– A compatibility equation in term of elongation of the inclined reinforcement bars.

The compatibility equation can be expressed as reported in Eq. 2:
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Where K, KH (Eqs. 3–4) are the axial stiffness of the inclined and horizontal bars and
Ar,1, Ar,2 their cross sectional area respectively.

The first member of the equation represents the total elongation of the inclined bars
(F/K). The second reports the elongation due to the vertical displacement of the system
at the deviation point (FV/KV), the shortening due to the elongation of the horizontal
rebars (FH/KH) and the shortening related to the rotation of the beam at the support
(φA). The vertical displacement and the rotation can be evaluated considering the effect
of three different load condition and using the Elastic Line Method for the concrete beam.
The presence of the external reinforcement is taken into account including in the analysis
a vertical axial spring with stiffness Kv, an Axial Force (N) and a Bending Moment (MA)
at the support location (Fig. 10a).
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Fig. 10. Elastic line method: load cases

The first load (Fig. 10a) condition consider the effect of the load applied on the
structure after the installation of the reinforcement system (q). The second condition
(Fig. 10b) consider only the effect of the prestress action (PV) that can be apply to the
external reinforcement. Finally, the last load condition (Fig. 10c) considers the effect of
the part of load already applied before the installation of the reinforcement (g).

The rotation in A and the internal force along the length of the member can be eval‐
uated from the combination of the three load cases. It is worth noting that only rotation
φA,1 (from load case in Fig. 10a) must be considered in Eq. 2, being the only one contri‐
buting to the deformation of the inclined bars after the application of external loads.

Figures 11 and 12 report the shear and bending moment diagram in case of a retro‐
fitted one-way slab. The load applied comes from a typical SLS combination that can
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be considered in the rehabilitation of an existing building. A pretension of about 89 MPa
is applied to the external bars.

-5.0

-2.5

0.0

2.5

5.0

7.5

10.0
Sh

ea
r 

[k
N

]
Shear

Unreinforced element Reinforced element Pretension

Support Deviator Midspan

CL

Fig. 11. Shear force over half of the span for reinforced and unreinforced one-way slab

-5.0

-2.5

0.0

2.5

5.0

7.5

10.0

12.5B
en

di
ng

 m
om

en
t [

kN
m

]

Bending moment

Unreinforced element Reinforced element Pretension

Support Deviator Midspan

CL

Fig. 12. Bending moment over half of the span for reinforced and unreinforced one-way slab

The external reinforcement system leads to a change of the static configuration of
member. The effect is more evident in the external part of the span, between the support
and the deviator; in the internal span, instead, the shape of the diagrams is similar to that
for the unreinforced structure. Due to the presence of the reaction from the post, a
discontinuity is present in the shear and a peak in the bending moment diagram.

The shear (Fig. 11) in the central span is exactly the same for the reinforced and the
unreinforced element. The concentrated force at the deviation point leads to a drop in
the diagram and to an important reduction in term of shear action in the external part of
the smember. Therefore, the improvement in the behavior of the element is mainly
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related to a reduction of the shear demand. Looking at the bending moment diagram
(Fig. 12), at the deviation point the maximum negative moment is reached; in the central
span, the shape of the diagram is similar to the one for the unreinforced beam but the
reaction coming from the post translates that portion of diagram, reducing the maximum
positive moment at the midspan. Also in flexure, the reinforcement effect leads to a
reduction in term of forces acting on the element

5 Concluding Remarks

In this paper, the results of seven tests on flexure-shear critical beams and a model for
the evaluation of the equivalent stiffness of double harping point system have been
presented. Based on the results, the following conclusions can be drawn:

1. Good steel-to-concrete bond (deformed rebars) tends to anticipate the collapse by
determining a critical shear failure at very low load and deflection levels; this is
mainly due to the cracking process governed by the compatibility between steel and
concrete. The lack of bond, on the other hand, determines a flexural behavior, even
though under considerable deflections and localizations of cracks.

2. Intermediate levels, in which both beams and arch action can develop together,
demonstrate the possibility to increase the shear bearing capacity and to reach wider
shear critical cracks.

3. The double harping point system results an interesting technique for the retrofitting
of existing RC elements experiencing shear-flexure deficiency. The presence of the
deviators as elastically restrained supports lead to a reduction of the shear and
bending moment action. An improvement in term of stiffness, due to the presence
of the external unbonded longitudinal reinforcement can also be achieved.
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Abstract. The balanced lift method is a building bridge method that was devel‐
oped at the TU Wien. The most common methods to build bridges are the ones
using falsework or the cantilever method, but a rather uncommon method, the
lowering of arches is seen as the origin of the balanced lift method. The idea was
to create a method which would allow a bridge to be built in a very fast manner
without the usage of falsework, using prefabricated elements and mounting all
parts together in a position – in this case vertically – that would simplify the
construction process. In order to reach the final state of the bridge, the vertically
assembled parts are rotated into their final horizontal position. This article
contains a description of the development of the method, a large scale test will
be portrayed and an already designed bridges using the balanced lift method will
be shown.

Keywords: Precast concrete elements · Post-tensioning
Bridge construction method · Large-scale test

1 Introduction

When comparing construction methods for arch bridges and regular beam type bridges,
it can be observed that in some cases the same construction techniques are used for the
production of the arch and the bridge girder. For example in situations when the height
above the ground and the size of the arch are not too large the most economical construc‐
tion will be the one using falsework.

Figure 1 shows the falsework used for the support of the concrete during casting of
the arch of the Egg-Graben Bridge. This bridge was designed at the Vienna University
of Technology with the idea in mind to create a bridge without mild steel reinforcement
in the bridge deck. Post-tensioning tendons encapsulated in plastic ducts and watertight
anchorages were used to provide a sound deck slab with a thickness of 500 mm. It could
be shown (Berger et al. 2011) that the serviceability and ultimate limit load states
according to Eurocode could be fulfilled with this new design approach.

The Egg-Graben Bridge (Fig. 2) was a winning structure of the 2014 competition
for the “fib Awards for Outstanding Concrete Structures”. In the statement of the jury
(fib 2014) it was mentioned that: “The jury highly appreciated the consistent application
of durability philosophy. The bridge deck is intended to have a long service life with
very little maintenance costs because the bridge deck is constructed exclusively with
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encapsulated post-tensioned reinforcement and watertight anchorage. No other rein‐
forcement is used. Therefore, the electrolytic corrosion in the deck is excluded. In this
way water insulation and pavement were also saved. The concrete itself is meant to resist
both physical and environmental loads. The bridge also fulfils high aesthetic expecta‐
tions.”

Fig. 2. Egg-Graben Bridge (© Pez Hejduk, Austria)

Another construction method which is frequently used for the erection of concrete
arches, is the cantilever method. The bending moments due to the dead weight of
concrete during construction are reduced by applying stay cables. The forces in the stay
cables can be adjusted in the different construction stages in order to keep the bending
moments in the cantilever small. A spectacular example for an application of the canti‐
lever method for arch construction is the Hoover Dam Bypass (Fig. 3). The jury of the
2014 fib Awards for Outstanding Concrete Structures made the following statement
about this bridge: “As a result of excellent engineering, the Hoover Dam Bypass bridges
the Colorado River at 275 m above the water level. The Hoover Dam Bypass is a
breathtaking example of civil engineering in the deep canyon of the Colorado River and
its rocky cliffs.”

Fig. 1. Falsework of the arch of the Egg-Graben Bridge
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Fig. 3. Hoover Dam Bypass (© Jamey Stillings Photography, USA)

Yet another method for the construction of concrete arches starts with a vertical
production of the arch halves using climbform. At the very bottom of each vertical arch
half a hinge is located, which enables a rotation of the arch half from the initial vertical
to the final inclined position. Contrary to the cantilever construction method where
usually several stay cables are placed on each arch half during construction, only one
pair of stays can be attached at one location to an arch half when the method of lowering
of arch halves is applied, in order to work with a statically determined structure during
the delicate lowering operation. Therefore, larger bending moments, compared to the
cantilever construction method, occur in the arch when the lowering of arch halves is
applied.

The lowering of arch halves was first applied by Riccardo Morandi in the construc‐
tion of the Lussia Bridge in 1955 in Italy as described by Troyano (2003). The advantage
of this method is the accelerated construction of the arch which can be done quicker in
the vertical position using climbform than in an inclined position using a formwork for
cantilever construction. Nowadays the method of lowering of arches is regularly applied
for bridges in Japan and Spain. Figure 4 shows a picture of the lowering process of an
arch half during the construction of the Arnoia Bridge in the year 2012. Each of the two
arch halves had a length of approximately 70 m and a weight of 11000 kN.

A tension force of 1100 kN was required in order to move the arch half from the
vertical position to an inclined starting position for the lowering process. The cable
elongation during the lowering of each arch half was equal to 33 m and the maximum
force in each of the two tendons was equal to 2400 kN.

The comparison of construction methods for arches and bridge girders shown in
Table 1 reveals that there are counterparts for the construction on falsework and the
cantilever construction method. However, there was no method with a vertical produc‐
tion of the bridge girder proposed previously. The idea for the balanced lift method
was conceived when a construction method was sought which starts with a vertical
production of the bridge girders as a counterpart to the method of lowering of arch
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halves. The balanced lift method is a new construction method. This statement is
proven by the patents granted in Germany, USA, Russia, Canada, China, Japan,
Australia and Europe.

Table 1. Comparison of construction methods for arches and bridge girders

Arches Bridge girder
Erection on falsework Erection on falsework
Cantilever construction method Balanced cantilever method
Lowering of arches Balanced lift method

2 Bridge Across the River Lafnitz

The design of bridges according to the balanced lift method will be described in this
section for the example of two bridges in the south-eastern part of Austria. For the new
S7 motorway “Fürstenfelder Schnellstraße” between Riegersdorf and the national
border between Austria and Hungary, the rivers Lafnitz and Lahnbach must be crossed.
The lengths of the Lafnitz Bridge and the Lahnbach Bridge are roughly 120 m and 100 m,
respectively. The cross section of the S7 motorway (Fig. 5) in this line section is traced
out for two separate directed lanes, therefore the bridges across the rivers should be
erected separately each with a width of 14.5 m, regarding prospective reconstruction
measures.

Fig. 4. Arnoia Bridge in Spain – lowering of arches (© VSL Hravy Lifting, Switzerland)
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Fig. 5. Cross section of the bridge across the River Lafnitz

The construction areas where the two bridges for the S7 motorway are to be built
are ecologically sensitive and part of the nature reserve “Natura 2000”. The bridges are
basically needed to cross the rivers and to provide options for a deer pass. To avoid
encroachment into the natural habitat, an erection on falsework is not accepted by the
highway management company ASFINAG. The construction site should be as small as
possible and kept to the central pier and abutments. To meet all these requirements a
construction of the bridges would only be possible by the balanced cantilever method,
incremental launching or the balanced lift method.

Before the alternative design using the balanced lift method was introduced, the plan
was to build the bridges by incremental launching of steel bridge girders (Fig. 6). The
cross section was, in order to withstand the bending moments during the launching
process, very high compared to the cross section height achieved with the balanced lift
method. The big difference in heights, 4.6 m versus 2.0 m, can be achieved due to the
compression struts which reduce the span lengths immensely (Fig. 7). The alternative
design for the post-tensioned concrete bridges was based on a cross-section with a plate
girder as shown in Fig. 5. It was proposed to build the central section of the webs by the
balanced lift method as shown in Fig. 7, to install the end sections of the webs by mobile
cranes placed behind the abutments, and to build the deck slab similarly to the original
design by a formwork carriage. In the course of the preparation of the alternative design,
the abutments and the locations of the central piers were rotated in plan by 30° with
respect to the longitudinal axis of the bridge in order to react to the location of the

Section A - A

A A

6,4

55,0 72,5

Fig. 6. Original design: steel-concrete-composite bridge
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riverbed and to provide an improved design for the deer pass. These changes resulted
in a bridge design with two equal spans.

Section A - A

A A

Balanced Lift Section

0,2

72,022,0 22,0

Fig. 7. Design based on the balanced lift method for a post-tensioned concrete bridge

It could be shown that the construction costs for the post-tensioned concrete
bridges erected with the balanced lift method amounted to only 70% of the calculated
costs of the composite bridges. When the Austrian highway management company
ASFINAG became convinced of the financial benefits from a design based on the
balanced lift method, a detailed design for the two bridges for crossing the rivers
Lafnitz and Lahnbach was commissioned.

The first steps in the construction process of the S7 motorway bridges will not be
any different from using conventional bridge construction methods. The foundations,
the abutments and the piers must be cast. If a bridge with low piers is being built, an
auxiliary pier, which is connected to the concrete pier, is needed. The auxiliary pier
consists of two sections of a tower crane positioned on both sides of the pier and
connected by a platform at the top. The compression struts, which are, in order to
decrease weight, made out of hollow reinforced precast concrete elements with small
element thickness, are assembled adjacent to the pier (Fig. 8 Construction phase 1).
When using the balanced lift method, the weight of the bridge girders during the lifting
(for bridges with high piers) or lowering (for bridges with low piers) operations is of
utmost importance. This is why not only the compression struts but also the bridge
girders are made out of thin precast elements.

To enable the construction of bridges of different sizes and span lengths a variety of
bridge girders with different cross sections has been developed. The bridge girders with
the chosen cross section are then assembled adjacent to the pier and the compression
struts (Fig. 8 Construction phase 2). The bridge girders were designed as U-shaped thin
walled prefabricated elements. The wall thickness was equal to 70 mm and the thickness
of the bottom slab equal to 120 mm. The bridge girders with a total length of 35.5 m
had to be divided into two parts of 19 m and 16.5 m respectively, because of the limited
space available at the construction site. The joining of the two parts of the bridge girder
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is accomplished by a 20 mm joint with high-strength mortar and four monostrands which
ensure a compressive stress at the joint in the subsequent construction phases.

In order to start the lifting or lowering operation, two bridge girders must be
connected. This is achieved by tilting the bridge girders and by the installation of a
tendon consisting of 16 monostrands (Fig. 8 Construction phase 3). This tendon, indi‐
cated in Fig. 8, has to ensure equilibrium during the lowering process by carrying the
tensile forces. After the monostrands are slightly stressed, the lowering operation is
started.

Similar to the method of lowering of arch halves, which requires that the arch halves
are moved from the initial vertical position to a stable starting position for the lowering
process, the bridge girders also have to be shifted to a secure starting position. The
rotation of the bridge girders from the vertical position to the tilted position shown in
construction phase 3 in Fig. 8, can be achieved easily by applying small horizontal forces
to the top ends of the bridge girders. However, the small change in shape of the mech‐
anism consisting of bridge girders, connecting tendon, and compression struts from

Fig. 8. Construction phases for the Lafnitz Bridge

206 J. Kollegger and S. Reichenbach



construction phase 3 to construction phase 4, has to be carried out in a controlled
symmetrical manner, either by pulling at the lower ends of the bridge girders or by
pushing apart the compression struts. In order to restrict the works to the area of the
central pier only, the second option was chosen. Two hydraulic jacks have to be fixed
to the top of the pier. A horizontal force of 20 kN and a stroke of 275 mm for each jack
is sufficient to achieve the transformation from construction phase 3 to construction
phase 4 of Fig. 8.

In construction phase 5 the lowering process is carried out as is shown in Fig. 8. The
relationship between the total force in the strand lowering units and the vertical move‐
ment of the top point of the bridge girders, designated as joint C in Fig. 8, is shown in
Fig. 9. The whole mechanism is a statically determined system during the lowering
process like in the method of lowering of arch halves.

Fig. 9. Relationship between total force in the strand lowering units and the vertical movement
in Joint C

An advantage over the method of lowering of arches is the fact that in the balanced
lift method all forces are in equilibrium within the structural system consisting of bridge
girders, connecting tendon and compression struts and therefore no forces have to be
carried by stays and anchored to the ground. A closer examination of Fig. 9 shows that
the relationship of force and vertical movement is strongly nonlinear and even starts
with a negative force of 400 kN. A negative force indicates that in the beginning of the
lowering process a vertical force pushing downward on top of the auxiliary pier would
have to be applied. After a small movement of only 70 mm this force changes to a tensile
force. Obviously, pushing downward at joint C to start the lowering process is an
impractical and even dangerous option. Therefore, a design with two horizontal jacks
at the top of the pier was prepared and a method statement was worked out for the
interaction between horizontal jacks and strand lowering units. When the maximum
stroke of the horizontal jacks equal to 500 mm is reached, the tensile force in the strand
lowering units is already equal to 80 kN.
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The bridge girders are then slowly rotated to the final horizontal position (Fig. 8
Construction phase 5). The maximum total force in the strand lowering units during this
operation is equal to 650 kN and decreases to 150 kN in the final position. The compres‐
sion struts are crucial to the rotating process. Once the bridge is in its final position, the
importance of the compression struts does not diminish, since they become an integral
part of the finished bridge. Due to the compression struts the span lengths are decreased
therefore enabling a construction of a slimmer bridge in comparison to a bridge without
compression struts.

Design drawings of the joints A, B, and C in the starting position and the final hori‐
zontal position are shown in Fig. 10. The rotation of approximately 75° and 165° at
joints A and B, respectively, require careful detailing of the steel plates and the connec‐
tion to the concrete, taking into account all eccentricities which occur during the change
of geometry when the bridge girders are transformed from the vertical starting position
to the final horizontal position. The rotations of the bridge girders of approximately 90°
at joint C are enabled by a saddle which guides the connecting tendons (Fig. 10).

Once the balanced lift part has been completed the geometry of the bridge girder is
corrected by releasing or stressing the connecting tendon. By filling the nodes A and C
with in-situ concrete the geometry of the system is frozen. After the installation of
temporary tendons (Fig. 8 Construction phase 6) the compression struts and the bridge
girders at nodes B are filled with in-situ concrete.

The construction phase 7, shown in Fig. 8, consists in installing prefabricated bridge
girder elements connecting the balanced lift part with the abutments. After adjusting the
forces in the temporary tendons, the U-shaped prefabricated elements forming the bridge
girder are filled with layers of cast in-situ concrete. Once the concrete has hardened, the
temporary tendons are released and the construction phases 1 to 7 are repeated for the
construction of the second web of the bridge. The installation of a bridge deck with the
aid of a formwork carriage completes the bridge construction (Figs. 5 and 7).

3 Large Scale Test of the Balanced Lift Method

In the course of a research project exploring applications of thin-walled concrete
elements in bridge construction, it became possible to carry out a large scale test of the
balanced lift part of the bridges described in the previous section. The design of all
elements (pier, bridge girders, compression struts) was based on a 70% scale of the
designs of the S7 motorway bridges, therefore the test structure had a total length of
50.4 m.

As in the original designed structure the bridge parts were made of thin precast
elements in order to keep the weight of the parts, which would be rotated during the
balanced lift operation, to a minimum. As explained before, the 25 m long bridge girder
walls consist of 70 mm thick concrete elements which are normally used as slab elements
in buildings. The outside dimensions of the cross-section of the bridge girders corre‐
sponded exactly with being a 70% scaled down cross section of the S7 bridges. The
girder had a height of 1.26 m and the width varied from 0.7 m to 1.4 m, with the larger
width at the connection points with the compression struts (Fig. 12). However, the
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Fig. 10. Joints A, B and C before and after the lowering process
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thickness of the elements with 70 mm for the side walls and 120 mm for the bottom slab
was identical to the design of the bridges for the S7 motorway.

Since the thin-walled bridge girder, consisting only of the U-shaped reinforced
concrete and with a weight of 208 kN, would have been too fragile for transport,
assembly or any lifting procedures, the cross section had to be enhanced. A truss made
of reinforcing bars (transverse bars with a diameter of 20 mm and diagonals with a
diameter of 12 mm) were welded to reinforcement bars protruding from the precast side
wall elements at the top side of the cross-section. With the help of the truss, the U-shaped
cross section was converted into a box section which turned out to be stable enough for
all further assembly and lifting operations. To enable future post-tensioning operations
and for the installation of monostrands, the bridge girders were equipped with transverse
concrete beams.

The transverse concrete beam and the saddle for the tendon at joint C is displayed
in the photograph of the end section of the bridge girder (Fig. 11), corresponding to
“Detail C” of Fig. 10. The transverse concrete beam carried the force of four mono‐
strands. Two of these monostrands were stressed before the bridge girder was trans‐
ported to the construction site. The other two monostrands were stressed when the bridge
girder was assembled in the vertical position. The lifting point is also anchored in the
transverse beam as can be seen in Fig. 11.

For the compression struts, a U-cross-section would have been impractical during
the later filling with concrete, therefore the 13 m long compression struts were pre-cast
as hollow reinforced concrete elements with a width of 1.4 m, a height of 0.875 m and
a weight of 15 tons each. The side walls were as thick as the bottom slab of the bridge

Fig. 11. View of end section of bridge girder
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girders. The top and bottom slabs were cast with a thickness of 112 mm in order to
integrate the anchor cones for the tie rods. The tie rods would have the job of carrying
part of the concrete pressure during the filling of the hollow compression struts with cast
in-situ concrete.

Due to the fact that the S7 bridges are bridges with low piers and this test structure
is based on the design of the S7 bridge, an auxiliary pier was needed for the mounting
process. For this reason, two 24 m long and 102 kN heavy sections of a tower crane with
plan dimensions of 1.2 m by 1.2 m, which would serve as auxiliary piers, were fixed to
the foundation slab. Two steel C-profiles were used in order to create vertical guiding
rails between the two tower crane sections.

The top parts of the steel profiles were not connected with each other and the distance
between the vertical guiding rails amounted to 800 mm.

The hinge connection in the bottom of the structure consisted of 30 mm thick steel
plates at the ends of the compression struts and concrete filled steel tubes with an outer
diameter of 150 mm placed on the foundation. The steel plates had to be positioned very
accurately on the concrete filled tubes to provide a proper hinge connection. After the

Fig. 12. The large-scale test structure during the mounting
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compression struts had been placed in a correct position they were temporarily fixed to
the pier and the auxiliary piers.

The prefabricated bridge girders could then be transported from the prefabrication
plant to the stockyard. A 100 ton mobile crane lifted one bridge girder after the other
(Fig. 12) to be fixed to the top end of the compression struts using four 16 mm bolts.
Even though the cylindrical openings in the joining steel plates only had a tolerance of
1 mm the assembly operation was carried out without any problems. A close-up view
of the connection of the bridge girder to the compression strut, which corresponds to
“Detail B” in Fig. 10, can be seen in Fig. 13.

Fig. 13. Connection detail of bridge girder and compression strut.

After only four days of assembly, the bridge was ready for the balanced lift part of
the construction process. In order to start the rotating process, the bridge girders had to
be tilted so that the top ends would touch each other. Subsequently, twelve monostrands
were installed in the two bridge girders. The monostrands were anchored at the
connecting points of each bridge girder with the compression struts. In the top section
of the bridge girders, circular saddles with a radius of 544 mm had been formed during
pre-casting (Fig. 11). After the installation of the twelve monostrands, the strands were
slightly stressed to prevent sagging.

The lowering process was achieved by slowly and simultaneously lowering the two
top points of the bridge girders with the aid of two mobile cranes (Fig. 14). The maximum
lifting force, which had been calculated to 270 kN, corresponded well with the lifting
force measured by the cranes.
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Fig. 14. Lowering of the top points of the bridge girders with the aid of mobile cranes

Fig. 15. Large-scale model of the balanced lift part of the Lafnitz Bridge

Fig. 16. Bridge girder with 70 mm prefabricated wall elements
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After the bridge had been rotated from the vertical into the horizontal position, the
geometry of the structure was checked. By stressing or relaxing the installed mono‐
strands the geometry of the structure could be easily adjusted. This turned out to not be
needed since the test structure’s geometry was within an acceptable range (Figs. 15 and 16).

With the aid of the large scale test it could be demonstrated that the balanced lift
method works and that the joint details can be built using simple connection details with
steel plates and bolts (joint B) and a saddle with tendons (joint C). The radius of the
tendons at joint C is much smaller than in usual post-tensioning applications. The reduc‐
tion of the ultimate force as a function of the curvature of the saddle was determined
experimentally (Kollegger et al. 2012). It could be shown that the monostrands do not
lose load carrying capacity even for a small radius of only 0.5 m.

4 Conclusions

By employing the balanced lift method, the spans of the bridge girders are reduced by
the compression struts, thus enabling considerable savings in construction materials.
The proposed method will be especially advantageous for bridges with high piers and
span lengths between 50 and 250 m. The usage of temporary piers enables an economic
application of the balanced lift method for bridges with piers of modest height, as for
example the two bridges on the S7 motorway.

Another advantage of the balanced lift method is the fact that all assembly and
mounting operations are concentrated at the pier and that the rotation of the bridge
girders can be carried out much faster than by horizontal launching of the bridge girders.
The small space requirements and the high construction speed might be of advantage
when an obstacle like a railway line or a busy motorway has to be spanned by a bridge
and the interruption of the traffic routes has to be kept to a minimum.
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Abstract. Composition and microstructure of hardened cement paste have
important influences on the properties of concrete exposed to high temperatures.
An extensive experimental study was carried out to analyse the post-heating
characteristics of concretes subjected to temperatures up to 800 °C. Major param‐
eters of our study were the content of supplementary materials (slag, fly ash, trass)
of cement (0, 16 or 25 m%) and the value of maximum temperature. Our results
indicated that (i) the number and size of surface cracks as well as compressive
strength decreased by the increasing content of supplementary materials of
cements due to elevated temperature; (ii) the most intensive surface cracking was
observed by using Portland cement without addition of supplementary materials.
The increasing content of the supplementary material of cement increased the
relative post-heating compressive strength. Tendencies of surface cracking and
reduction of compressive strength were in agreement, i.e. the more surface cracks,
the more strength reduction.

Keywords: Fire resistance · Concrete · Cement · Supplementary materials

1 Introduction

Effects of high temperatures on the mechanical properties of concrete were studied as
early as the 1940s (Schneider 1988). In the 1960s and 1970s fire research was mainly
directed to study the behaviour of concrete structural elements (Kordina 1997). There
was relatively little information available about the concrete properties during and after
fire (Waubke 1973).

Recent fire cases called again the attention to fire research. Different concrete types
may also mean different possibilities for fire design (EN 1991-1-2; ACI/TMS 216;
Guideline on Verification Method for Fire Resistance and Exemplars) Environmental
protection requires the use of cements with low clinker content. Concrete is a composite
material that consists mainly of mineral aggregates bound by a matrix of hardened
cement paste. Composition and internal structure of hardened cement paste has an
important influence on the properties of concrete exposed to high temperatures (Khoury
2001). Characteristics of concrete during and after the heating process depend on the
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type of cement, the type of aggregate and the interaction between them (Khoury 1995;
Khoury et al. 1995; Budelman 1987).

Effect of cement type has been hardly studied. Early studies on concretes made of
the two commonly used cement types, Portland cement or Portland cement with low
amount of slag indicated almost the same residual compressive strength over 400 °C
(Schneider and Lebeda 2000; Schneider 1986). The properties of cement paste itself are
also influenced by the mixing proportions of the constituents (fib 2007; Barbara and
Iwona 2015; Yun and Hung-Liang 2015). Behaviour at high temperatures depends on
parameters like water/cement ratio, amount of CSH (calcium-silicate-hydrates), amount
of Ca(OH)2 and degree of hydration. Different cement pastes can perform differently in
fire (Grainger 1980).

Grainger (1980) studied cements with or without pulverised fly ash (PFA) subjected
to a series of temperatures ranging from 100 °C to 600 °C with an interval of 100 °C.
In his research the dosage of PFA was 20%, 25%, 37.5% and 50% of the total mass of
binders. It was found that the addition of PFA could improve the residual compressive
strength of cement paste. The beneficial effect of PFA as part of the binder was in good
agreement with the results of Dias et al. (1990) and Xu et al. (2001). Khoury et al.
observed that 400 °C was a critical temperature for Portland cement concretes, above
which concretes would disintegrate on subsequent post cooling exposure to ambient
conditions (Khoury et al. 1990).

In fire, the heated surface region of concrete loses its moisture content by evaporation
from the surface and by migration into the inner concrete mass driven by the temperature
gradient (Schneider and Weiß 1997). Due to high temperature, the structure and mineral
composition of concrete changes. The analysis was made by thermogravimetry (TG).
Around 100 °C the mass-loss is caused by water evaporating from the micropores. The
decomposition of ettringite (3CaOAl2O3·3CaSO4·32H2O) takes place between 50 °C
and 110 °C. At 200 °C there is a further dehydration, which causes small mass loss. The
mass loss of the test specimens with various moisture contents was different till all the
pore water and chemically bound water were gone. Further mass loss was not perceptible
around 250–300 °C (Hinrichsmeyer 1987; EN 1992, 2002). During heating the endo‐
thermic dehydration of Ca(OH)2 takes place between temperatures of 450 °C and 550 °C
(1). This endothermic reaction is accompanied by loss of mass (Thielen 1994).

Ca(OH)2 → CaO + H2O ↑ (1)

In the case of concretes made of quartz gravel aggregate, other influencing factor is
the change in crystal structure of quartz α formation into →β formation at 573 °C. This
transformation followed by volumetric increase that influences the strength detrimen‐
tally (Hoj 2005). Dehydration of calcium-silicate-hydrates was found at the temperature
of 700 °C (Gambarova 2004).

Based on this information, we carried out an extensive experimental study to analyse
the post-heating characteristics of concretes subjected to temperatures up to 800 °C.
Major parameters of our study were types of supplementary materials (ground granu‐
lated blastfurnace slag, fly ash, trass) and the substitutions of cement clinker (0, 16 or
25 m%) in addition to the value of maximum annealing temperature.
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2 Experimental Program

2.1 Cements

Main purpose of our experimental study was to determine the influences of supplemen‐
tary materials (slag, fly ash, trass) content of cements on post-heating characteristics of
hardened cement paste as well as that of concrete. The following cements were involved
in the comparative study: ordinary Portland cements (CEM I 52,5 N; CEM I 42,5 R);
sulphate resistant Portland cement (CEM I 42,5 N-S; Portland slag cement (CEM
II/A-S 42,5 N); Portland trass cements (CEM II/A-V 42,5 R; CEM II/B-V 32,5 R) and
Portland fly ash cement (CEMII/A-P 42,5 N).

Cement clinkers and additives were ground together during the production of
cement. The oxidative compositions of cements are given in Tables 1a and 1b.

Table 1a. Chemical composition of tested cements (m%) (data provided by the former Holcim
Hungária Ltd.)

CEM I 42,5 R CEM I 42,5
N-S

CEM II/A-V
42,5 R

CEM II/B-V
32,5 R

CEM II/A-P
42,5 N

Si02 19.71 20.16 23.75 26.15 28.23
Al203 4.46 3.83 6.68 7.79 6.10
Fe203 2.97 6.03 4.73 5.33 3.42
Ca0 64.59 62.9 55.31 50.48 54.54
Mg0 1.0 1.88 2.66 2.64 1.0
K20 0.69 0.43 0.85 0.95 1.15
Na20 0.31 0.41 0.47 0.51 0.67
SO3 2.63 2.6 2.79 2.81 2.84
Cl 0.02 0.009 0.027 0.026 0.01

Table 1b. Chemical composition of tested cements (m%) (data by Duna-Dráva Cement
Heidelberg Cement Group)

CEM I 52,5 N CEM II/A S 42,5 N
Si02 20.59 22.77
Al203 5.55 5.83
Fe203 3.21 2.97
Ca0 65.02 60.30
Mg0 1.44 2.51
S03 2.88 3.00
K2O 0.78 0.80
Na20 0.11 0.13
Cl 0.0055 0.0056
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2.2 Test Specimens and Variables

The test variables were:

– types of cements: Portland cements (ordinary and sulphate resistant), Portland slag
cement, Portland trass cements and Portland fly ash cement;

– maximum temperatures of heat loading: 50 °C, 150 °C, 300 °C, 500 °C and 800 °C.

The test constants were:

– water to cement ratio (w/c = 0.43);
– cement content. In this paper the studied specimens were cement paste cubes);
– testing of specimens started at 28 days and finished at 30 days.

The studied characteristics were:

– development of surface cracking (studied by macroscopic observation);
– change in compressive strengths (relative residual compressive strengths) due to heat

loadings.

2.3 Test Methods

The studied specimens were cube cement paste specimens with dimensions of 30 mm.
Cast specimens were removed after 24 h from the formwork, then specimens were stored
in water for 7 days and kept at laboratory conditions (temperature 20 ± 2 °C, 65 ± 5%
relative humidity) until testing in accordance with the standard (28 days). The experi‐
ments on specimens finished at the age of 30 days.

Our experimentally applied heating curve was similar to the standard fire curve (in
accordance with EN 1991.1.2) up to 800 °C. Specimens were kept for two hours at the
actual maximum temperature levels. Specimens were then slowly cooled down in labo‐
ratory conditions for further observations. During the heat load a program controlled
electric furnace was used. The compressive strength was measured on the heat loaded
and, than cooled down specimens and the average values of the measurements were
analysed.

3 Results and Discussions

Results on surface cracking and residual compressive strength after exposing to high
temperatures are presented and discussed herein.

3.1 Development of Surface Cracks

Development of surface cracks as a result of the elevated temperatures is presented in
Fig. 1.
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Type of cement Temperature of heat load
500 ∞C 800 ∞C

CEM I 52,5 N

CEM I 42,5 R

CEM I 42,5 N-S

CEM II/A-S 42,5 N

CEM II/A-P 42,5 N

CEM II/A-V 42,5 R

CEM II/B-V 32,5 R

Fig. 1. Effect of cement type on the development of surface cracks as a result of the elevated
temperature (hardened cement paste specimens, at the age of 30 days, w/c = 0.43)

Temperature loading on hardened cement paste specimens caused chemical and
physical changes leading to surface cracks. There were no macroscopic observable
changes on the surface of cubes due to heat loads up to maximum temperature 500 °C.

In the case of Portland cement specimens (CEM I 42,5 R, CEM I 52,5 N) cracks
already formed by heating up to 500 °C, and the size and number of cracks considerably
increased by heating up to 800 °C (see 1st and 2nd rows of Fig. 1). Crack development
is explained by the chemical reactions in the hardened cement paste, i.e. dehydration of
portlandite, Ca(OH)2 at about 450 °C and decomposition of CSH at about 750 °C (see
1st and 2nd rows in Fig. 1).
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In addition to these after cooling rehydration of CaO could considerably increase the
extent of the crack development with further changes in volume. Rehydration of CaO
takes place by the humidity of air and followed by expansion.

In the case of sulphate resistant Portland cement (CEM I 42,5 N-S) only small cracks
appeared by heating up to 500 °C, and the amount and size of cracks increased in the
case of specimens heating up to 800 °C (see 3rd row in Fig. 1). The hydration of aluminate
phase (Brownmillerite) in sulphate resistant Portland cement is much slower than for
tricalcium-aluminate (C3A) in ordinary Portland cement (Kopecskó 2006). The unhy‐
drated part of ferrite type aluminates could positively influence the resistance against
high temperatures.

In the case of Portland slag cements (CEM II/A-S 42,5 N, CEM II/B-S 32,5 R),
Portland trass cements (CEM II/A-V 42,5 R, CEM II/B-V 32,5 R) and Portland fly ash
cement (CEM II/A-P 42,5 N) specimens only small cracks appeared by heating up to
500 °C, and the amount and size of cracks increased in the case of specimens heating
up to 800 °C (see 4th row in Fig. 1).

With the increasing substitution of cement clinker by the supplementary material the
production of portlandite during hydration in the hardened cement paste decreases; thus,
less portlandite dehydrates at about 450 °C, which may give the explanation of decreased
amount of cracks.

The supplementary materials are usually latent hydraulic (GGBS) or pozzolanic
(trass, fly ash) materials. During the hydration process they consume part of the portlan‐
dite forming calcium-silicate-hydrates. The other cause of the decrease of portlandite is
the diluting effect: the higher the substitution rate of the clinker, the smaller the amount
of portlandite formed. The rate (speed) of pozzolanic reaction is influenced by many
factors such as the specific surface/average grain size of the clinkers/supplementary
materials, the type of SCMs, etc.

3.2 Compressive Strength

In Fig. 2 the compressive strengths of the hardened cement paste specimens are presented
related to the compressive strength measured at 20 °C (fc,T/fc,20 called residual relative
compressive strength) as functions of the maximum temperature and the cement type.

The relative residual compressive strength decreases up to 150 °C heat loading, then
for some cement types slight increase is observable up to 300 °C. In the case of higher
temperatures than 300 °C the residual relative compressive strength decreases again
(Fig. 2). Specimens loaded up to 300 °C show higher residual strength comparing with
the average strengths measured on specimens loaded up to 150 °C because the intensive
dehydration in the temperature interval between 60 and 180 °C probably causes the
hydration of the unhydrated cement grains in the microstructure.

In the case of Portland cement specimens (CEM I 42,5 R, CEM I 52,5 R, CEM I
42,5 N-S) the average of residual relative compressive strength of the test specimens
was 28%, 35% and 45% heating up 500 °C and further 1%, 10% and 28% by heating up
to 800 °C (Fig. 3).
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Fig. 3. Residual compressive strength of hardened cement paste with different cement types
(strength values are related to strength values of 20 °C); Reference values (N mm−2): CEM I 42,5
R, 76.36; CEM I 52,5 N, 78.5; CEM I 42,5 N-S 57.17.

For Portland slag cement specimens (CEM II/A-S 42,5 N) the average of the residual
relative strength was 41% by heating up to 500 °C and further 17% heating up to 800 °C,
respectively (Figs. 4 and 5).
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Fig. 2. Residual compressive strength of hardened cement paste with different cement types
(strength values are related to strength values of 20 °C); Reference values (N mm−2): CEM I 42,5
R, 76.36; CEM 52,5 N, 78.5; CEM I 42,5 N-S 57.17; CEM II/A-S 42,5 N, 98.5; CEM II/A-P 42,5
N 57.62, CEM II/A-V 42,5 R, 47.34; CEM II/B-V, 48.52.
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For Portland trass cement specimens (CEM II/A-V 42,5 R) the average of the
residual relative strength was 19% by heating up to 500 °C and further 16% heating up
to 800 °C, respectively (Figs. 4 and 5).

For Portland fly ash cement specimens (CEM II/A-P 42,5 N; CEM II/B P 32,5 R)
the average of the residual relative strength was 26% and 46%by heating up to 500 °C
and further 24% and 21% heating up to 800 °C, respectively (Figs. 4 and 5).

226 É. Lublóy et al.



The results of the compressive strength tests are in accordance with findings on crack
development. The most significant cracks appeared on test specimens made of Portland
cement, and the compressive strength loss was also the highest.

4 Conclusions

The purpose of the present study was to analyse the post-heating characteristics of hard‐
ened cement paste. Main experimental parameters were the cement types (7 different
types: ordinary Portland cements, sulphate resistant Portland cement, Portland slag
cement, Portland trass cements, Portland fly ash cement) and the maximal temperature
of heat treatment up to 800 °C (20 °C, 50 °C, 150 °C, 300 °C, 400 °C, 500 °C, 600 °C,
800 °C), respectively.

Water to cement ratio was kept constant (w/c = 0.43). Present studies included anal‐
ysis of surface cracking, compressive strength.

The following conclusions can be drawn from our test results:

1. The composition of cement has an important influence on the post-heating charac‐
teristics of cement paste.

2. Relative post-heating compressive strength increases with addition of the supple‐
mentary material to the cement.

3. The post-heating behaviour of hardened cement paste specimens were negatively
influenced by rapid type cements both for surface cracking as well as for compressive
strength.

4. The application of sulphate resistant Portland cement was found to be more favour‐
able at high temperatures.

5. Amount of surface cracking (sum of lengths and widths) is reduced with addition of
supplementary materials (here GGBS, fly ash and trass) to the cement.
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Abstract. The standard finite elements approach for the dynamics of curved
beam is usually based on the same energy functional used for straight beam, in
other words an energy form that is essentially derived from de Saint–Venant’s
theory. In case of strongly curved elements this approximation yields to not
negligible errors, in particular for stress assessments. For this reason, in this
work a different formulation, based on the Winkler’s simple kinematic
assumptions, is adopted. In this way a non diagonal constitutive matrix is
obtained and the computational efficiency of NURBS (Non Uniform Rational
B–Splines) shape functions is added to an accurate representation of the con-
stitutive relations. In this paper the natural frequencies and mode shapes of plane
curved concrete beams are obtained. Computational cost and results accuracy is
assessed with respect to closed form solutions and literature results.

Keywords: Strongly curved beams � Isogeometric analysis � Beam dynamics

1 Introduction

Curved concrete bridge structures are widespread throughout the world. From the
biggest one, the Mike O’Callaghan–Pat Tillman Memorial Bridge on the Colorado
river (US) characterised by 323 m span, to small overpasses, see Fig. 1, the structural
characteristics are the same. Indeed, this kind of structure converts part of its vertical
load into horizontal forces that are transmitted to the soil by the foundations. The
advantages of a mostly compressive behaviour are patent in case of concrete structure
given the non-symmetric material stress-strain law.

The dynamics of this kind of structures have been a current research trend: see
Sevim et al. (2016), Li et al. (2016), Zong et al. (2016), Kadkhodayan et al. (2016),
Cazzani et al. (2016a). Indeed, the effects of earthquake, wind and impulsive loadings
(see Stochino and Carta 2014; Stochino 2016) make the dynamic behaviour of para-
mount relevance.

Analytical solutions for this kind of problems are not always available; in this case
the numerical solution is the only way to obtain a response. Often, complex structures
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like bridges are discretized by finite elements, see Buffa et al. (2015); Stochino et al.
(2018) or boundary elements, see Aristodemo and Turco (1994).

The standard approach for the dynamics of curved beam is usually based on the same
energy functional used for straight beam, in other words an energy form that is essentially
derived from de Saint–Venant’s theory. In case of strongly curved elements this
approximation yields to not negligible errors, in particular for stress assessments. For this
reason, in this work a different formulation, based on the Winkler’s simple kinematic
assumptions, is adopted. In this way a non diagonal constitutivematrix is obtained and the
computational efficiency of NURBS (NonUniform Rational B–Splines) shape functions,
see Cazzani (2016b; c; d; e; f) and Bilotta et al. (2010), is added to an accurate repre-
sentation of the constitutive relations.

In this paper the natural frequencies and mode shapes of plane curved concrete
beams are obtained. Computational cost and results accuracy is assessed with respect to
closed form solutions and literature results.

2 Problem Statement

2.1 Constitutive Laws and Modal Analysis

Vibration analysis can be developed starting from Hamilton’s principle. In the case of
zero external forces, it states:

d
Zt2
t1

Zl

0

N� Tð Þds dt ¼ 0 ð1Þ

where N and T respectively are the elastic strain energy density and the kinetic energy
density.

For a plane curved beam the elastic strain energy density can be written in a general
form as:

N ¼ 1
2
E c11e

2 þ 2c12evþ c22v
2 þ c33

2 1þ mð Þ c
2

� �
; ð2Þ

Fig. 1. Concrete arch overpass in Germany.
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where e, v and c are the strain parameters, cij are parameters which depend on the
geometry and E and m represent the elastic Young’s modulus and the Poisson’s
coefficient of the material. Almost always the choice for this parameters derives from
those derived from de Saint–Venant solution for a straight beam, i.e. c11 = A, c12 = 0,
c22 = I and c33 = At, A and I are, respectively, the area and the inertia of the cross–
section, while At denotes the shear effective area. This choice produces acceptable
results except for the strongly curved beams.

In this work the simple and effective Winkler’s approach, see Winkler (1858), is
also considered. It is based on two assumptions:

– cross sections of curved beam remain plane;
– the stress distribution on the cross section follows a hyperbolic law.

Following Winkler’s assumption, the elastic coefficients are defined as:

c11 ¼
Z R
R� y

dA ð3Þ

c12 ¼
Z Ry
R� y

þ y2

R� y
dA ð4Þ

c22 ¼
Z Ry2

R� y
dA ð5Þ

c33 ¼
Z R2

B2 R� yð Þ2
C11

C22
� X
RA

� �2

dA; ð6Þ

where R is the curvature radius, A is the beam cross section and X is the portion of the
cross- section area lying below the value of y.

Strain parameters depend on displacements u, w and u, in formulae:

e ¼ u0 � w=R

c ¼ w0 þ u
R
þu; ð7Þ

v ¼ u0;

where (�)′ denotes the derivative respect to the arc–length parameter s.
Kinetic energy density can be expressed as:

T ¼ 1
2
q A _u2 þ _w2� �

þ I _u2� �
; ð8Þ

where q is the mass density and the dot indicates the time derivative.
Using whatever finite element discretization, elastic strain energy and kinetic

energy can be approximated as:

Dynamics of Strongly Curved Concrete Beams 233



� ¼ Zl

0

Nds � 1
2
qTKq; ð9Þ

s ¼
Z l

0

Tds� 1
2
_qTM _q ð10Þ

where the vector q collects the parameters used to represent the displacement field,
M and K are the mass and stiffness matrices respectively.

Assuming

q ¼ qme
�ixmt; ð11Þ

where qm is the mode shape, xm the radian frequency and i the imaginary unit,
imposing the stationarity of Hamilton’s functional gives the eigenvalue problem:

K � x2
mM

� �
qm ¼ 0 ð12Þ

The definition of mass matrix M and those of stiffness matrix K descend from the
particular finite element discretization used. In the next section we define specifically
that deriving from isogeometric discretization.

2.2 Isogeometric Discretization

In this work the geometry of a curved beam is described using a NURBS (Non
Uniform Rational B-Splines) interpolation; for a complete and more accurate
description of this kind of interpolation please see Cottrell et al. (2009). A curve x = x
(n) has a p-degree NURBS representation when there exist n 2 N, control points Pi 2
R

2, with the associated weights gi 2 R, i = 1…n, and a knot vector, i.e. a set P ¼
0 ¼ n16n26. . .6nnþ pþ 1 ¼ 1

� �
such that, for any n 2 [0,1]:

x nð Þ ¼
Xn

i¼1
Ri;p nð ÞPi ð13Þ

where the NURBS basis {Ri;p} is expressed by:

Ri;p nð Þ ¼ Bi;p nð ÞgiPn
i¼1 Bi;p nð Þgi

ð14Þ

The B-splines basis {Bi;p nð Þ} of order p is expressed as a function of the basis
corresponding to order p – 1 by the Cox-De Boor recursive formula:

Bi;0 nð Þ ¼ 1 if ni\n\niþ 1

0 otherwise

�
ð15Þ
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Bi;p nð Þ ¼ n� ni
niþ p � ni

Bi;p�1 nð Þþ
niþ pþ 1 � n

niþ pþ 1 � niþ 1
Biþ 1;p�1 nð Þ: ð16Þ

The main goal of the isogeometric approach is to exactly describe the geometry of
the problem by means of NURBS interpolation and to adopt the same interpolating
basis for representing the generalized displacements:

u nð Þ �
Xn

i¼1
Ri;p nð Þui; ð17Þ

w nð Þ �
Xn

i¼1
Ri;p nð Þwi; ð18Þ

u nð Þ �
Xn

i¼1
Ri;p nð Þui; ð19Þ

by means of control points ui, wi, and ui.
Hence, denoting the Jacobian of the transformation by J, the generalized strains

assume this form:

e ¼ @u
@n

=J � w=R

c ¼
@w
@n

J
þ u

R
þu ð20Þ

v ¼ @u
@n

=J;

The elastic strain energy for the eth element is given by:

Ee ¼
1
2

uTeK
uu
e ue þwT

eK
ww
e we þuT

eK
uu
e ue þ uTeK

uw
e we þ uTeK

uu
e ue þwT

eK
wu
e ue

� �
;

ð21Þ

where ue, we and ue collect, respectively, the control points ui, wi and ui related to the
eth element. The stiffness matrixes Kuu

e ;Kww
e ;Kuu

e ;Kuw
e ;Kuu

e ;Kwu
e ; take into account the

elastic strain contribution of e; c; v and also for the coupled term ev.
Using the basis matrices Re related to the eth element and a standard finite element

assemblage procedure it is possible to obtain the global stiffness matrix K.
In the same way the kinetic energy for the eth element can be computed:

T e ¼
1
2

_uTeM
uu
e _ue þ _wT

eM
ww
e _we þ _uT

eK
uu
e _ue

� �
ð22Þ

where _ue; _we; _ue collect the control points _ui; _wi; _ui and Muu
e ;Mww

e ;Kuu
e are the con-

tributions to the mass matrixes of the three above mentioned displacements. Also in
this case the global mass matrix M can be easily built.
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The stiffness and mass matrixes were evaluated by means of Gauss’ quadrature
rule. In this paper the number of Gaussian points is always assumed equal to the degree
p of the spline basis functions due to its efficiency as proved in Cazzani et al. (2016b).

3 Results and Discussion

3.1 Clamped-Clamped Circular Arch

In the following, non-dimensional frequency presented in Eq. (23) is used:

bx ¼ xL2

ffiffiffiffiffiffi
qA
EI

r
ð23Þ

in which L is the span length of curved beam. The slenderness ratio is defined as L/
r where r is the radius of gyration of the cross-sectional area r = I/A.

The first ten eigenfrequencies and eigenmodes have been calculated for the
clamped clamped concrete circular arch presented in Fig. 2 considering both the De St
Venant’s and Winkler’s constitutive relationships. Several meshes and slenderness
ratio have been considered.

Two main cases have been considered with L/r = 300 and L/r = 20 and the
analytical reference solution has been obtained following the approach proposed in
Tüfekçi and Arpaci (1998). The concrete material model is elastic linear and EC is the
concrete Young’s modulus, ks is the shear coefficient, G is the Shear modulus their ratio
is fixed: ksG=EC ¼ 0:3.

Tables 1 and 2 report the eigenfrequency for the thin circular arch (L/r = 300)
following de Saint Venant’s approach while Tables 3 and 4 refer to the same problem
solved by Winkler’s approach. As mentioned in Sect. 2.2 p represent the degree of the
NURBS representation.

Fig. 2. Circular arch geometry and cross section.
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The relative difference is reported in Table 9 and it is negligible in this case.
Convergence of the numerical solution to the reference one is assessed in every case. It
can be noted that lower eigenfrequencies require a lower number of degrees of freedom
to reach an accurate result.

Table 1. Dimensionless values of first five natural frequencies, for clamped-clamped circular
arch. (L/r = 300 and h/L = 0.011) using de Saint Venant’s constitutive model.

p DOF Mode
1 2 3 4 5

2 48 19.308 45.497 92.579 158.42 261.10
96 17.630 38.940 72.734 112.40 164.25
192 17.526 38.542 71.549 109.70 158.60

3 51 17.538 38.667 72.412 113.29 170.94
99 17.520 38.518 71.484 109.56 158.37
195 17.519 38.516 71.476 109.53 158.28

4 54 17.520 38.521 71.527 109.87 160.18
102 17.519 38.516 71.476 109.53 158.28
198 17.519 38.516 71.475 109.53 158.27

5 33 17.545 38.973 76.136 131.14 237.52
57 17.519 38.517 71.479 109.57 158.60
105 17.519 38.516 71.475 109.53 158.27
201 17.519 38.516 71.475 109.53 158.27

Ref. 17.519 38.516 71.475 109.53 158.27

Table 2. Dimensionless values of natural frequencies from 6th to 10th, for clamped-clamped
circular arch. (L/r = 300 and h/L = 0.011) using de Saint Venant’s constitutive model.

p DOF Mode
6 7 8 9 10

2 48 399.23 583.51 610.68 831.88 934.96
96 222.90 295.78 375.55 475.31 552.56
192 212.50 277.32 345.86 427.04 503.39

3 51 245.12 354.88 491.19 605.24 714.09
99 212.18 276.98 345.74 427.74 505.43
195 211.92 276.34 344.34 424.66 500.41

4 54 219.25 300.09 402.24 558.48 582.36
102 211.93 276.35 344.39 424.84 500.78
198 211.92 276.33 344.32 424.64 500.37

5 33 426.65 604.60 732.14 897.51 1303.7
57 213.72 284.40 369.25 493.16 569.07
105 211.92 276.33 344.33 424.65 500.41
201 211.92 276.33 344.32 424.64 500.37

Ref. 211.92 276.33 344.32 424.64 500.37
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The situation is quite similar considering the thick arch (L/r = 20). Tables 5 and 6
present the de Saint Venant’s eigenfrequencies while Tables 7 and 8 the Winkler’s ones.
The relative difference is reported, also in this case, in Table 9, and it is always under 2%.

Table 3. Dimensionless values of first five natural frequencies, for clamped-clamped circular
arch. (L/r = 300 and h/L = 0.011) using de Winkler’s constitutive model.

p DOF Mode
1 2 3 4 5

2 48 17.753 40.050 78.513 130.96 213.54
96 17.525 38.547 71.614 109.97 159.53
192 17.521 38.521 71.485 109.55 158.31

3 51 17.535 38.643 72.293 112.92 170.05
99 17.521 38.521 71.489 109.56 158.37
195 17.521 38.520 71.483 109.54 158.29

4 54 17.521 38.524 71.533 109.88 160.18
102 17.521 38.520 71.482 109.54 158.29
198 17.521 38.520 71.482 109.54 158.29

5 33 17.546 38.977 76.143 131.16 237.55
57 17.521 38.520 71.486 109.58 158.62
105 17.521 38.520 71.482 109.54 158.29
201 17.521 38.520 71.482 109.54 158.29

Ref. 17.521 38.520 71.482 109.54 158.29

Table 4. Dimensionless values of natural frequencies from 6th to 10th, for clamped-clamped
circular arch. (L/r = 300 and h/L = 0.011) using Winkler’s constitutive model.

p DOF Mode
6 7 8 9 10

2 48 329.98 513.19 574.99 805.62 822.01
96 214.86 282.75 356.49 447.45 530.35
192 212.00 276.48 344.59 425.11 501.04

3 51 243.39 351.82 486.92 604.05 706.73
99 212.16 276.91 345.60 427.45 505.02
195 211.94 276.36 344.37 424.70 500.45

4 54 219.24 300.06 402.18 558.36 582.35
102 211.95 276.38 344.43 424.88 500.83
198 211.94 276.36 344.36 424.68 500.42

5 33 426.69 604.62 732.30 897.62 1303.81
57 213.75 284.43 369.29 493.22 569.10
105 211.94 276.36 344.36 424.70 500.46
201 211.94 276.36 344.36 424.68 500.42

Ref. 211.94 276.36 344.36 424.68 500.42
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Mode shapes of the thick circular arch are presented in Figs. 3 and 4, both sym-
metric and skew modes can be noted.

In order to prove the efficiency of the isogeometric approach a further test have
been developed considering a quite thin arch (L/r = 150). For this structure the com-
plete eigenfrequency spectrum was calculated using different meshes with the same
number of degrees of freedom, but with different NURBS degree p. The de Saint
Venant’s model was chosen for this test, but similar results (not reported here for the
sake of synthesis) have been obtained for the Winkler’s one.

In Fig. 5 the full eigenfrequency spectrum is plotted considering 300 degrees of
freedom. The y-axis represents the ratio between the numerical solution and the ana-
lytical reference solution. It can be noted that for the first 2/3 of the spectrum the
accuracy of the isogeometric finite element model is very high. Only after the 200th

mode the errors are not negligible.

1st mode
2nd mode
3rd mode
4th mode
5th mode

Fig. 3. Thick circular arch mode shapes from 1st one to 5th one.

Table 5. Dimensionless values of first five natural frequencies, for clamped-clamped circular
arch. (L/ r= 20 and h/L = 0.173) using de Saint Venant’s constitutive model

p DOF Mode
1 2 3 4 5

2 48 14.437 25.269 42.241 43.652 61.055
96 14.430 25.253 42.207 43.601 60.943
192 14.430 25.252 42.205 43.598 60.938

3 51 14.430 25.252 42.206 43.600 60.943
99 14.430 25.252 42.205 43.598 60.938
195 14.430 25.252 42.205 43.598 60.938

4 54 14.430 25.252 42.205 43.598 60.938
102 14.430 25.252 42.205 43.598 60.938
198 14.430 25.252 42.205 43.598 60.938

5 33 14.430 25.254 42.224 43.635 61.168
57 14.430 25.252 42.205 43.598 60.938
105 14.430 25.252 42.205 43.598 60.938
201 14.430 25.252 42.205 43.598 60.938

Ref. 14.430 25.252 42.205 43.598 60.938
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Table 6. Dimensionless values of natural frequencies from 6th to 10th, for clamped-clamped
circular arch. (L/r = 20 and h/L = 0.173) using de Saint Venant’s constitutive model.

p DOF Mode
6 7 8 9 10

2 48 72.486 89.532 96.868 121.13 125.38
96 72.197 89.393 96.022 119.23 125.13
192 72.184 89.387 95.988 119.16 125.12

3 51 72.200 89.398 96.066 119.43 125.16
99 72.183 89.387 95.987 119.16 125.12
195 72.183 89.387 95.986 119.16 125.12

4 54 72.184 89.388 95.996 119.22 125.13
102 72.183 89.387 95.986 119.16 125.12
198 72.183 89.387 95.986 119.16 125.12

5 33 72.899 89.918 101.678 126.57 130.33
57 72.183 89.387 95.988 119.17 125.12
105 72.183 89.387 95.986 119.16 125.12
201 72.183 89.387 95.986 119.16 125.12

Ref. 72.183 89.387 95.986 119.16 125.12

Table 7. Dimensionless values of first five natural frequencies, for clamped-clamped circular
arch. (L/r = 20 and h/L = 0.173) using de Winkler’s constitutive model

p DOF Mode
1 2 3 4 5

2 48 14.544 25.496 42.556 43.778 61.145
96 14.541 25.485 42.528 43.737 61.039
192 14.540 25.485 42.527 43.736 61.034

3 51 14.541 25.485 42.528 43.737 61.039
99 14.540 25.485 42.527 43.735 61.034
195 14.540 25.485 42.527 43.735 61.034

4 54 14.540 25.485 42.527 43.735 61.034
102 14.540 25.485 42.527 43.735 61.034
198 14.540 25.485 42.527 43.735 61.034

5 33 14.541 25.487 42.527 43.769 61.254
57 14.540 25.485 42.527 43.735 61.034
105 14.540 25.485 42.527 43.735 61.034
201 14.540 25.485 42.527 43.735 61.034

Ref 14.540 25.485 42.527 43.735 61.034
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3.2 Hinged-Hinged Parabolic Arch

The modal analysis of a parabolic arch hinged at both ends is presented here. The cross
section is squared as reported in Fig. 6, while the ratio L/R’ is 0.3.

The shear parameter is ksG=EC ¼ 0:3 also in this case, while two slenderness
values have been considered: L/r = 150 and L/r = 10.

Unfortunately it was not possible to find an analytic solution for every frequency,
but an interesting work which reports similar numerical results is Luu et al. (2015).

Table 8. Dimensionless values of natural frequencies from 6th to 10th, for clamped-clamped
circular arch. (L/r = 20 and h/L = 0.173) using Winkler’s constitutive model.

p DOF Mode
6 7 8 9 10

2 48 72.808 88.786 97.303 121.60 123.96
96 72.523 88.638 96.379 119.43 123.73
192 72.510 88.632 96.340 119.35 123.72

3 51 72.526 88.643 96.418 119.61 123.75
99 72.509 88.632 96.339 119.34 123.72
195 72.509 88.632 96.338 119.34 123.72

4 54 72.511 88.633 96.347 119.39 123.72
102 72.509 88.632 96.338 119.34 123.72
198 72.509 88.632 96.338 119.34 123.72

5 33 73.187 89.127 101.919 124.88 130.15
57 72.509 88.632 96.339 119.35 123.72
105 72.509 88.632 96.338 119.34 123.72
201 72.509 88.632 96.338 119.34 123.72

Ref. 72.509 88.632 96.338 119.34 123.72

6th mode
7th mode
8th mode
9th mode
10th mode

Fig. 4. Thick circular arch mode shapes from 6th one to 10th one.
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Table 9. Percentage difference of natural frequencies evaluated by de Saint Venant’s and
Winkler’s approach for clamped-clamped circular arch.

L/r = 300 L/r = 20
Mode Difference Mode Difference

1 0.01% 1 0.76%
2 0.01% 2 0.92%
3 0.01% 3 0.76%
4 0.01% 4 0.31%
5 0.01% 5 0.16%
6 0.01% 6 0.45%
7 0.01% 7 0.84%
8 0.01% 8 0.37%
9 0.01% 9 0.15%
10 0.01% 10 1.12%
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Fig. 5. Circular arch eigenfrequency spectrum for different meshes.
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Fig. 6. Parabolic arch geometry and cross section.
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The first ten eigenmodes and eigenfrequencies have been calculated considering
both the de Saint Venant’s (see Tables 10 and 11) and Winkler’s (see Tables 12 and 13)
models. The relative differences are reported in Table 14 and only for the thick arch case
the maximum difference reaches 4%, instead differences are negligible for the thin arch
case.

Table 10. Dimensionless values of first five natural frequencies, for hinged-hinged parabolic
arch. (L/r = 10) using de Saint Venant’s constitutive model

p DOF Mode
1 2 3 4 5

2 50 14.164 15.745 29.904 30.671 46.634
98 14.163 15.744 29.903 30.665 46.606
194 14.163 15.744 29.903 30.664 46.604

3 29 14.164 15.744 29.903 30.670 46.653
53 14.163 15.744 29.903 30.664 46.605
101 14.163 15.744 29.903 30.664 46.604

4 32 14.163 15.744 29.903 30.685 46.609
56 14.163 15.744 29.903 30.664 46.604
104 14.163 15.744 29.903 30.664 46.604

5 35 14.163 15.744 29.903 30.664 46.605
59 14.163 15.744 29.903 30.664 46.604
107 14.163 15.744 29.903 30.664 46.604

Table 11. Dimensionless values of natural frequencies from 6th to 10th, for hinged-hinged
parabolic arch. (L/r = 10) using de Saint Venant’s constitutive model.

p DOF Mode
6 7 8 9 10

2 50 54.336 55.616 62.352 63.882 75.951
98 54.334 55.616 62.265 63.881 75.945
194 54.334 55.616 62.261 63.881 75.945

3 29 54.337 55.616 62.561 63.883 75.954
53 54.334 55.616 62.263 63.881 75.945
101 54.334 55.616 62.261 63.881 75.945

4 32 54.334 55.616 62.302 63.882 75.947
56 54.334 55.616 62.261 63.881 75.945
104 54.334 55.616 62.260 63.881 75.945

5 35 54.334 55.616 62.269 63.881 75.946
59 54.334 55.616 62.261 63.881 75.945
107 54.334 55.616 62.260 63.881 75.945
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Table 12. Dimensionless values of first five natural frequencies, for hinged-hinged parabolic
arch. (L/r = 10) using Winkler’s constitutive model

p DOF Mode
1 2 3 4 5

2 50 14.554 15.187 28.956 30.922 46.365
98 14.553 15.187 28.955 30.913 46.325
194 14.553 15.187 28.955 30.913 46.323

3 29 14.553 15.187 28.956 30.918 46.370
53 14.553 15.187 28.955 30.913 46.324
101 14.553 15.187 28.955 30.913 46.323

4 32 14.553 15.187 28.955 30.913 46.327
56 14.553 15.187 28.955 30.913 46.323
104 14.553 15.187 28.955 30.913 46.323

5 35 14.553 15.187 28.955 30.913 46.324
59 14.553 15.187 28.955 30.913 46.323
107 14.553 15.187 28.955 30.913 46.323

Table 13. Dimensionless values of natural frequencies from 6th to 10th, for hinged-hinged
parabolic arch. (L/r = 10) using de Winkler’s constitutive model.

p DOF Mode
6 7 8 9 10

2 50 52.253 53.884 61.608 64.639 72.799
98 52.250 53.884 61.481 64.638 72.788
194 52.250 53.884 61.474 64.638 72.787

3 29 52.252 53.884 61.758 64.638 72.797
53 54.334 53.884 61.477 64.638 72.787
101 52.250 53.884 61.474 64.638 72.787

4 32 52.250 53.884 61.507 64.638 72.790
56 52.250 53.884 61.474 64.638 72.787
104 52.250 53.884 61.474 64.638 72.787

5 35 52.250 53.884 61.480 64.638 72.787
59 52.250 53.884 61.474 64.638 72.787
107 52.250 53.884 61.474 64.638 72.787
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The mode shapes for the former case are reported in Fig. 7.

4 Conclusions

The modal analysis of concrete strongly curved beams have been developed consid-
ering both a diagonal constitutive law (de Saint Venant’s approach) or a not diagonal
one (Winkler’s approach). The structures were discretised using isogeometric finite
elements based on NURBS shape functions.

Two case have been analysed: a fully clamped circular arch and a parabolic hinged
arch considering different slenderness ratios. The numerical results have been validated
considering literature benchmark study and available analytical results.

Table 14. Percentage difference of natural frequencies evaluated by de Saint Venant’s and
Winkler’s approach for hinged-hinged parabolic arch.

L/r = 150 L/r = 10
Mode Difference Mode Difference

1 0.03% 1 2.75%
2 0.03% 2 3.71%
3 0.03% 3 3.17%
4 0.04% 4 0.81%
5 0.03% 5 0.60%
6 0.03% 6 3.84%
7 0.02% 7 3.11%
8 0.04% 8 1.26%
9 0.04% 9 1.19%
10 0.02% 10 4.16%

Fig. 7. Thick parabolic arch mode shapes from 1st one to 10th one.
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The relative eigenfrequencies obtained by the two approaches are very similar also
in case of very thick arches. This result is quite different from what achieved in the
static case, see Cazzani et al. (2016f). It seems that the accuracy of Winkler’s model
become more important for higher modes.

Isogeometric analysis produced accurate results also with low numbers of degrees
of freedom as proved with the eigenfrequency spectrum presented in Fig. 5.
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Abstract. When dealing with large scale seismic vulnerability assessment, usual
FEM model based software cannot be a suitable choice to capture the lateral
behaviour and seismic capacity of each of the several buildings located in that
area. Approximate methods based on the fundamental of structural analysis could
be more appropriate. They are practical due to their ease of use and capability to
drive to results, even approximated, starting from few input data available. There‐
fore, they are especially suitable when the full knowledge of structural details
cannot be available and the computational effort has to be strongly limited. This
study presents the review of some simplified pushover methods available in the
literature. Then a combined use of two approximate procedures, each addressed
to a different aim, is proposed. These methods have been applied to RC frame
structures, to preliminarily compare their effectiveness in simulating the “exact”
results would come from a professional FEM structural software.

Keywords: Pushover analysis · Seismic capacity · Approximate methods

1 Introduction

Seismic vulnerability assessment of existing buildings relies on the evaluation of
capacity and demand. The demand is characterized either by ground motion accelero‐
grams or response spectra while capacity is obtained from the analysis of mathematical
model of the structure. The nonlinear response can be analyzed either by pushover or
time-history analysis. When the vulnerability of a large stock of structures is the object
– i.e. in the case of territorial seismic risk analyses - time-history analysis is not generally
the suitable way, for being time-consuming and needing a depth knowledge of each
structure to be performed. In such cases, the use of simplified pushover analyses can be
instead suggested. They are generally based on predefined failure mechanisms. Some
of these are particularly suitable to be applied to analyse portfolio of buildings for ease
of use (Kilar and Fajfar 1996; Calvi 1999; Cosenza et al. 2005; Borzi et al. 2008), others
- even interesting and innovative in their approach - are probably still complicated to be
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practically adopted for such special application (Fajfar and Gaspersic 1996; Elnashai
2001; Chopra and Goel 2002; Papanilolaou and Elnashai 2005).

An important issue especially in large-scale projects is how to derive the capacity
curve by means of structural analytical tools. When dealing with large–scale project,
size of analyses affects the methodology and demands careful commitment for adopting
suitable strategy. This is the case of management of seismic risk of large areas. In this
regards, type of analysis becomes a crucial concern. This effort is concentrated on the
any of application of a system to acquire the capacity of the wide range of real sample
data to be simulated. To do so, it is worth trying such a technique neither to be less
precise like empirical methods nor so time-consuming such a detailed analytical
methods so that the result would be a trade-off of accuracy and simplicity.

Hence, it is worth to study different approaches to make simple pushover analysis
aiming to implement for several case studies in a reasonable time. The combined use of
two approximate procedures from literature (Cosenza et al. 2005; Miranda and Reyes
2002), each addressed to a different aim, is herein proposed to estimate the capacity
curve of a building for the life safety limit state (SLV in NTC08 2008). This and other
two simplified methods addressed to the same objective (Kilar and Fajfar 1996; Borzi
et al. 2008) have been compared making applications to RC 2D frame structures and
looking at the “exact” results of FEM model-based analyses made by SAP2000 (2014).

1.1 Approximate Non-linear Static Analyses

There are some proposed methods in the literature which calculate the capacity of build‐
ings in the coordinate of shear capacity at the base and displacement capacity at a given
damage limit states. In this study the attractiveness and effectiveness of two proposed
simplified methods (i.e. Kilar and Fajfar 1996; Borzi et al. 2008) have been aimed.
Besides, another method has been suggested by the authors using the simplified idea of
structural analysis (Miranda and Reyes, 2002; Cosenza et al. 2005) to derive the struc‐
tural capacity of frame buildings. The results of their approximation of the lateral
capacity of a reference 2D frame have been compared to the analysis done by SAP2000.

These methods observe the mechanical behavior of structural components to simply
obtain the lateral capacity of building. Certainly using these methods could not consider
all the detailed requirements in structural design; nevertheless they can approximate the
seismic capacity with acceptable tolerance.

To calculate the capacity different failure mechanisms are accounted to derive the
most predominant mode of failure. Different combinations of failure in terms of global
or local mechanism are evaluated. The shear capacity defines by the flexural capacity
of beams and columns at each storey and displacement capacity is derived by the chord
rotation of columns multiplies to the height of building which plasticization occurs. The
bi-linear capacity curve is then obtained from the minimum resulted capacity among all
the considered modes.

These simple approaches have the advantage of limiting the calculations and conse‐
quently saving the time of process which is very crucial in large-size problems. Basi‐
cally, the methods share similar idea when calculate the capacity but the only minor
difference is in defining the mechanisms.
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Kilar and Fajfar (1996) presented a simplified method for nonlinear static analysis of
building structures. Basically, the pushover curve is illustrated by base shear versus yield
capacity and ultimate displacement capacity. An approximate relationship between the
global base shear and top displacement is computed. Top displacement is determined as:

D =

n∑

i=1

Fi.dni (1)

where Fi is the horizontal force in ith storey and dni are the coefficients of the condensed
flexibility matrix that represents top displacement due to horizontal force in ith storey.
Simple formulae are used to approximate the flexibility of the frame (Kilar and Fajfar
1996):

d11 =
h2

1

12

(
1
c1

+
1

4b1 + 0.33c1

)
(2a)

d12 = d11 +
h1h2

48b1 + 4c1
(2b)

d22 = d11 +
h2

2

12

(
1
c2

+
1

4b1
+

1
4b2

)
+

h1h2

24b1 + 2c1
(2c)

dii = di−1,i−1 +
h2

i

12

(
1
ci

+
1

4bi−1
+

1
4bi

)
+

hi−1hi

24bi−1
(2d)

dij = dii +
hihi+1

48bi

(2e)

where ci = ∑(EI/hi) indicates the flexural stiffness of columns, bi = ∑(EI/Lk) the flexural
stiffness of beams summed over all the elements at ith storey, hi is interstorey height of
storey and Lk is the beam span.

The yield displacement capacity is calculated using Eq. 1 while the same equation
is used to obtain ultimate displacement capacity. Moreover the moment of inertia of the
those elements suffered from plasticization due to nonlinearity of material has to be
reduced. It is assumed that when a failure mechanism occurs the stiffness of all beams
and columns are decreased to a small percentage of their initial stiffness (Kilar and Fajfar
1996). In this study the post-yielding stiffness of beams and columns are reduced to the
10% of their initial value. To calculate the top displacement when any failure mechanism
shows up first type of failure has to be figured out. Three main type have been introduced
as each of those may have different possible type of occurrence depends on number of
floors. They are defined based on the multipliers of the horizontal forces.
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𝛼I

k
=

∑
Mc1 +

∑
Mck +

k−1∑
i=1

∑
Mbi

k∑
i=1

FiHi + Hk

n∑
i=k+1

Fi

(2 ≤ k ≤ n) (3)

𝛼II

k
=

∑
Mck +

n∑
i=k

∑
Mbi

n∑
i=k

Fi

(
Hi − Hk−1

) (1 ≤ k ≤ n) (4)

𝛼III

k
=

2
∑

Mck

n∑
i=k

Fi

(
Hi − Hk−1

) (1 ≤ k ≤ n)
(5)

In the above equations Fi is the horizontal forces at the levels Hi above the ground
level, ∑Mc is the sum of yield moments of all columns and ∑Mb is the sum of yield
moments of all beams in the ith storey. The resisting bending moments of beams and
columns section is obtained using the available program (VCASLU 2011).

The mechanic-based Simplified Pushover-Based Earthquake Loss Assessment so-
called SP-BELA (Borzi et al. 2008) observes the structural capacity through the simpli‐
fied assumption of failure of structural components based on the formation of pre-defined
collapse mechanisms. The capacity curve is plotted as a function of the parameters of
collapse multiplier and displacement capacity. The collapse multiplier is the ultimate
base shear capacity divided by the seismic weight of building. Also, the displacement
capacity is specified as the ultimate roof displacement to be a function of chord rotation
of column and building height for different damage limit states at each collapse failure
mechanism. The collapse multiplier is calculated by:

𝜆i =
Vi

c

WT

.

n∑
j=1

wjzj

n∑
k=i

wkzk

(6)

where Vc
i is the shear capacity of ith storey which is the smallest value of shear capacity

of column, flexural capacity of column and flexural capacity of beams, WT is the building
weight, wj, wk are the weight of jth and kth storey and finally zj, zk are building height at
the level of jth and kth storey to the base level. Then, the collapse multiplier for a building
type is determined as the minimum value of multipliers among all the stories. The value
of minimum collapse multiplier multiplies to the total weight of building gives the shear
capacity.
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To calculate the deformation capacity the yield and ultimate chord rotation have to
be used. The yield capacity is limited to the value of chord rotation of the column as:

𝜃y = 𝜙y

Lv

3
+ 0.0013

(
1 + 1.5

hc

Lv

)
+ 0.13𝜙y

dclfyd

√
fcd

(7)

where 𝜙y is the yield curvature of the section (Circolare n. 617, 2009) hc is the height of
column section, dcl is the longitudinal bar diameter, fyd is the yield resistance of steel
rebar and fcd is the resistance of concrete, Lv is the shear span (ratio between bending
moment and shear) which for the columns is considered half of interstory height. Since
it is aimed to calculate the ultimate displacement of frames at SLV damage limit state
which is a state before collapse so the chord rotation capacity is limited to ¾ of the
ultimate rotation capacity as:
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⎞
⎟
⎟
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(
1.25100𝜌d

)
(8)

where ν is axial force normalized by compressive strength of concrete section, ω and ω
′ are percentage of steel rebars respect to the size of concrete section in bottom and top
of cross section, h is the section height, α is factor of confinement efficiency, ρsx is
percentage of stirrups and ρd is percentage of diagonal rebars.

Then, yield and ultimate displacement capacity (Dy and Du) is calculated for three
modes of failure (i.e. shear failure of columns, beam-sway and column-sway).

Dy = 𝜅HT𝜃y (9)

Du(beam−sway) = Dy

H∗
k

𝜅HT

+
(
0.75𝜃u − 𝜃y

)
Hk (10)

Du(column−sway) = Dy +
(
0.75𝜃u − 𝜃y

)
h (11)

In the above equations κ is the coefficient to approximate the height of equivalent
SDOF model of frame, HT is the total height of frame, H∗

k
 is the height of post-elastic

equivalent SDOF model of frame and Hk is the height of part of frame above the floor
where the failure mode is activated. From the above equations the minimum values
according to the predominant failure mechanism would be the displacement capacity.

1.2 An Alternative Approach

The following idea comes from the observation that all the approximate methods are
generally more effective in predicting ultimate base shear than yield and ultimate
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displacements. This novel approach is just based on the preliminary evaluation of the
ultimate base shear, also to calculate displacement capacity. More in detail, yield
displacement is obtained by estimation of displacement of the last storey in a linear
elastic building considering the contribution of the fundamental mode of vibration
(Miranda and Reyes 2002):

Δy = 𝛽1.Sd (12)

where Sd is spectral displacement evaluated at the fundamental period of the building
and β1 is a dimensionless factor obtained as following formula assuming a uniform mass
distribution as:

𝛽1 =
∫

z∕H=1
z∕H=0 Ψ(z∕H)

∫
z∕H=1

z∕H=0 Ψ2(z∕H)
(13)

where ψ(z/H) is normalized lateral deflected shape (Miranda and Reyes 2002) given by
ψ(z/H) = u(z/H)/u(z/H = 1); and u(z/H) is lateral displacement evaluated at a non-
dimensionless height z/H.

The spectral displacement Sd is herein proposed to be evaluated starting from the
knowledge of the ultimate base shear Vb, the latter to be estimated as by Cosenza et al.
(2005). More in detail, Sd can be derived from the elastic spectral acceleration Sa:

Sd = Sa. T2

(2𝜋)2 (14)

Once the fundamental period of the structure T has been estimated. As far as T is
concerned, the expression recently proposed by Salama (2015) is suggested as one of
the most effective in literature:

T = 0.021 N0.16 H0.75 if H is in feet (15)

T = 0.051 N0.16 H0.75 if H is in meters (16)

As the required parameters to obtain the spectral displacement are:

Sa =
F∗

m∗
; F∗ =

Vb

𝛤
; (17)

𝛤 =
m∗

∑
mi.𝜙2

i

=

∑
mi.𝜙i∑
mi.𝜙2

i

; ϕi =
mi.zi∑

mj.zj

(18)

where Vb is the shear capacity of the MDOF system, F* is shear capacity of the equivalent
SDOF system, m* is the mass of the equivalent SDOF system, ϕi is the i-th component
of the first mode evaluated as suggested by many seismic code (e.g. Eurocode 8, NTC08,
2008) for lateral force method of analysis, Γ is the fundamental modal mass participation
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factor, mi is the storey mass at the i-th level, zi is the height of the mass mi above the
level of application of the seismic action (foundation).

The base shear is derived from a simplified method (Cosenza et al. 2005) as lateral
capacity of frame. The study adopts a lumped plasticity model for the elements, in
particular only flexural behavior is considered. The flexural behaviour of beams and
columns are represented by an elastic-plastic M-θ law. The M-θ relation is determined
by yielding moments (My) and by yielding and ultimate chord rotation (θy, θu). It is worth
noting that since in this study different methods are being compared so unique regulation
has been followed to calculate the values of M-θ of sections for all the methods unless
is required (Circolare n. 617 2009).

Building capacity is determined when plastic mechanism forms for the building. The
base shear is evaluated by equilibrium relations considering some pre-defined collapse
mechanisms.

Vb,1 =

∑
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c
+
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i=k+1
∑
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(
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2
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Mk
c∑n

i=k
Hi

(
Hk − Hk−1

)
n∑

i=1

Hi (21)

where Mc
k is the yielding moment of column section of kth floor, Mb is the yielding

moment of beam section and Hi is the height of ith storey. A linear distribution of the
horizontal seismic forces is assumed. The objective base shear of the frame is then
obtained from the minimum value among the different values when different possible
combinations of mechanism considers with respect to the number of floors (Vb =
min(Vb1,n, Vb2,n, Vb3,n), considering nth modes of failures).

On the other hand, displacement capacity is determined by displacement of the last
floor (i.e. height of building which plasticization occurs). The ultimate displacement is
then calculated at the predominant failure mechanism using the idea comes from the
method of Cosenza et al. (2005). It is accounted in any of failure mechanism that building
has the minimum resistance. Then, the ultimate displacement is determined by consid‐
ering the plastic deformation of frame added on the value of yield displacement obtained
by Eq. 12.

Δu = Δy +
(
0.75θu − θy

)
.Hk (22)

The ultimate displacement is calculated by calculating the displacement before and
after yield point separately when the behaviour of the frame would be different. In this
study the deformation of the frame when it experiences plasticity accounted by the length
of the plastic deformation (i.e. the ultimate displacement-yield displacement) which
indicates the ductility of the frame. To obtain the plastic deformation the authors adopt
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the formula of ultimate displacement in Cosenza et al. (2005) to calculate the value of
plastic deformation of the frame only.

2 Application to Case Studies

Four 2D structural frames have been considered to validate the capability of the four
different analytical tools. The frames are equal in geometry and structural detailing
except the columns as each frame is characterized by different number of rebars in
column sections. Regarding to NTC (2008) for each node of beam-column connection
of frame, ratio between flexural moment of column and beam is limited to a certain
value. Depending on ductility class of buildings, the ratio of flexural moment of column
over beam is restricted to 1.30 if class “A” and 1.10 when ductility class “B” is the case.
Therefore, four different types of frame with four different ductility ratios have been
chosen. The frames are distinguished with their ductility ratio as for the weakest frame
(frame 1) γR1 = Rcol/Rbeam = 0.77, γR2 = 1.01 for frame 2, γR3 = 1.26 for frame 3 and
finally γR4 = 1.50 for frame 4. Thus, frames 1 and 2 do not satisfy the requirement for
ductility class “B” while types 3 and 4 do. Geometry and structural details of frames are
as following: 4 storeys, interstorey height 3.5 m, 3 bays, 4.5 m of bay span, storey weight
675 kN, equal cross section for all beams and columns (40  ×  60 cm2), rebars diameter
16 mm, symmetric reinforcement levels for each cross section, 8 bars for each level of
reinforcement for all the beams, 4-6-8-10 rebars for columns of frames I-II-III-IV
respectively, concrete strength 25 MPa, steel yield strength 370 MPa.

Each frame has been first analyzed with SAP2000 software through a detailed FEM
model (Fig. 1). Afterwards, the curves have been replaced by the equivalent bilinear
capacity curve according to the regulations (NTC08, 2008) which is delineated by three
parameters (base shear, yield displacement and ultimate displacement), to be compa‐
rable with the approximate ones.
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Fig. 1. Pushover curves for the 4 frames, as derived with SAP2000

The plastic hinges in SAP2000 have been modelled in the scale of moment-rotation
for beam and column sections. Similar to the two previous methods the yield and ultimate
moments and curvature are obtained using software VCASLU (2011) and yield and
ultimate chord rotations are calculated from Eqs. 7 and 8 (Circolare n. 617 2009).
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Since life safety limit state is the case of this study, the limit value for the chord
rotation is 3/4θu (NTC, 2008). Pushover analysis in SAP2000 is made for lateral distri‐
bution of load corresponding to the 1st mode of vibration. Referring to the Italian seismic
design code (NTC08 2008) building has to be pushed until either a plastic hinge
exceeding the ultimate objective rotation takes place or global or local failure mechanism
occurs in the system.

Although the methods are following similar approach they are different to some
extents. The failure mechanisms are devised so that plastic hinges are formed in beams
and columns. In the simplified methods the main assumption is the hinges are formed in
either beams or columns of a floor at the same time while it is not as common as in real
cases. That is, when a mechanism is activated in ith floor (the weakest floor) all the beams
and columns have been plasticized according to the different presumed mode of failures.
Moreover, number of failure mechanism is different. In Kilar and Fajfar (1996) and
proposed method the same mechanisms have been considered while in Borzi et al. (2008)
fairly less number of failure mechanisms have been accounted. This could be helpful
when large number of buildings have been analysed so that time of analysis could be
reduced remarkably. All the three methods evaluates the shear capacity of the buildings
from presumed failure mechanism at ith floor where has the least lateral capacity. Only
flexural mode of failure has been taken in beam/column sections. Calculating the displace‐
ment capacity in the proposed method and Borzi et al. (2008) is done based on the ulti‐
mate chord rotation and height of part of building where failure occurs. In contrast, Kilar
and Fajfar (1996) used the flexibility of the frame and the effect of moment inertia of the
section to calculate the deformation capacity before and after formation of plastic hinges.
Therefore, the method of calculation in Kilar and Fajfar (1996) is different respect to the
two other abovementioned and seems to be more accurate.

The values of the parameters involved in the proposed procedure are (ϕ1, …, ϕ4) =
(0.25, 0.50, 0.75, 1.00), m* = 229 t, β1 = 1.286, approximate T1 = 0.46 s (the “exact”
value by SAP2000 is 0.49 s).

The final result of base shear and ultimate displacement is dependent on how the
plastic hinges are distributed among the deformed frame when plasticization is occurred.
As been mentioned before the plasticization could occur in mode of flexural failure either
in beams or in columns. Following the presumed failure modes in each adopted methods
the predominant mode of failure has been found for each frame as the one yields the
minimum value of shear resistance.

According to the mechanisms obtained from the analyses of the frames in SAP2000
none of the three methods could anticipate the failure mechanism, however the estima‐
tion of response for the frame 4 is closer to the analytical model in the case of methods
Kilar and Fajfar (1996) and proposed method. Both methods consider the same types of
modes of failure so they are similar in the prediction of the mechanisms. The slight
difference comes out of the pre-defined assumption of the failure modes when only three
floors plasticized then the last floor remains fully elastic while in reality the last floor
deforms as well, however the relative displacement is a very small value.

The result of base shear (Figs. 1 and 2) proves this fact the difference in estimation
of failure mechanism and distribution of plastic hinges do not play crucial role in esti‐
mation of the base shear. In all three approximate methods, the first floor is recognized
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as the weakest floor where the method of Borzi et al. (2008) the mechanism of beam-
sway has been activated as plastic hinges distributed in all the beams along all the floor.
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Fig. 2. Comparison of pushover curves for the 4 frames.

To verify the validity of three introduced simplified pushover methods the capacity
curves of four frames have been plotted superimposed on the capacity curves derived
from the modeling of frames in SAP2000 (Fig. 1) which have been bilinearized.

The results (Table 1) show that all the three methods could estimate the base shear
with high accuracy while the values of displacement are not exactly as it would have
been expected by the analytical model.

The method of Kilar and Fajfar (1996) and the proposed method could estimate the
yield displacement with a remarkable tolerance of accuracy while the value resulted
from Borzi et al. (Borzi et al. 2008) is fairly far from the reference value of yield
displacement (SAP2000) which it makes underestimating the initial stiffness of the
frame.

In the case of ultimate displacement Borzi et al. (2008) has overestimated the
displacement capacity calculated by SAP2000 in frame 1 largely and also frame 2 with
lesser rate of error since the method observed the plasticization of four stories which
has been more than what has been resulted from analysis by SAP2000 (Fig. 1).

The overestimation of the ultimate displacement in frame 1 with method of Borzi
et al. (2008) is due to the false recognition of failure mechanism which the estimation
converges to the obtained values from SAP2000 in stronger frames (frames 2 and 3).

The error of estimation of ultimate displacement using method of Kilar and Fajfar
(1996) has been observed as it has underestimated the point in all four frames. It is shown
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that in all four frames the proposed method could estimate the ultimate displacement
extremely close to the obtained values by SAP2000. It is shown that the method of Borzi
et al. (2008) and proposed method could anticipate the ultimate displacement in frame
4 with mere value of 1% and 5% of error respect to the resulted value from SAP2000.

The estimation of ultimate displacement by proposed method and Borzi et al. (2008)
in frame 3 and frame 4 is almost equal to the value obtained by the modeling in SAP2000
as equal as the displacement got from the proposed method. The obtained results are
shown in below for four main parameters to check out the capability of the methods to
estimate the base shear, ultimate displacement, initial stiffness and ductility of the nomi‐
nated frames. The result endorses the ability of all three methods to evaluate the base
shear with high accuracy in all four frames. In the maximum value Borzi et al. (2008)
calculated the base shear in Frame 4 with the mere value 3.3% difference respect to the
SAP2000. The reasonable estimation of base shear made by three simplified methods
made by the keen anticipation of the failure mechanism. However, in the case of other
three parameters the accuracy is not that so in all the frames.

Observing the results proves the methods of Kilar and Fajfar (1996) and Borzi et al.
(2008) have not been able to anticipate the yield displacement as well as base shear and
ultimate displacement. On the average Kilar and Fajfar (1996) estimated the yield
displacement with 31%, Borzi et al. (2008) with large value 115% while the proposed
method obtained the yield displacement with 4.3% tolerance of error on the average.

Borzi et al. (2008) estimated the ultimate displacement an equal value for all the four
frame which the difference in frame 1 is 47% as the difference reduced to 1.5% in frame
4. Kilar and Fajfar (1996) estimates the ultimate displacement always less than the
analytical method with the error of 13.3% on the average. The error is less relatively in
proposed method when it is around 4%.

Table 1. Comparison of the obtained results from different methods

SAP2000 Fajfar et al. Borzi et al. Proposed method
Frame 1 Base shear (kN) 611.25 609.94 598.09 609.94

Yield displacement (mm) 18.9 29.83 47.48 18.53
Ultimate displacement
(mm)

128.89 116.86 190.17 130

Frame 2 Base shear (kN) 702.16 695.63 681.4 695.63
Yield displacement (mm) 22.3 29.83 48.38 21.14
Ultimate displacement
(mm)

167.93 155.27 190.17 187.3

Frame 3 Base shear (kN) 764.78 760.1 765 760.1
Yield displacement (mm) 24.5 29.83 49.28 23.1
Ultimate displacement
(mm)

184.22 155.27 190.17 188.21

Frame 4 Base shear (kN) 821.92 824.77 848.98 824.77
Yield displacement (mm) 26.2 29.83 50.17 25.06
Ultimate displacement
(mm)

192.93 155.27 190.17 189.12
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All in all, the methods are reliable in evaluation of base shear while they are not so
accurate in estimation of displacement capacity when the failure mechanisms provided
by the approximate methods are not so similar to the analytical method (frame 1),
however the displacement values converged to the displacement obtained by SAP2000
in frame 4 where the type failure mechanisms and distribution of plastic hinges are very
similar to the model of SAP2000.

3 Conclusions

Approximate methods in structural analysis are particularly suitable when preliminary,
quick evaluations have to be done and/or when the analysis of a large set of structures
have to be performed with reduced resources of time and money. The present study
attempts to perform preliminary investigation about the effectiveness of some simplified
methods for pushover analysis, that could be used to evaluate the seismic capacity of
buildings instead of analytical softwares. In this study the competence of two available
methods in the literature have been assessed. Besides, the authors used the idea of two
related study to propose an approach to evaluate the structural capacity of frame build‐
ings. The comparison of methods have also been done with reference to four sample 2D
RC frame structures.

The advantage of the method Kilar and Fajfar (1996) is its higher computational
efficiency. The method uses the matrix of flexibility of frame to calculate the top
displacement using the idea of relative stiffness of beams and columns. The result of
analysis shows the method is able to anticipate the base shear, yield displacement and
initial stiffness of frame with a high degree of accuracy while the method underestimates
the ultimate displacement. On the other hands, Borzi et al. (2008) use the chord rotation
of column respect to the height of part of frame which is plasticized to calculate the
displacement of last floor. In contrary with the method of Kilar and Fajfar (1996) this
method could anticipate the value of ultimate displacement better than yield displace‐
ment. It makes the underestimation of elastic stiffness of building. This method have the
advantage of being less complicated compare to the Kilar and Fajfar (1996) when port‐
folio of buildings is the case of analysis. All three methods estimated the base shear very
well while the accuracy in calculation of the displacement capacities is dependent on
how similar are the identified predominant mode of failure with respect to the real case.
The results endorse the efficiency of the proposed method both in evaluation of base
shear and yield displacement, as well as of the ultimate displacement.

It is worth noting that the above conclusions should not be considered as of general
validity, since they come from the application of the approximate methods only to a
small set of case study structure. The authors are working to randomly generate a large
set of frame structures, to be representative of typical Italian RC structures built form
60s to date.
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Abstract. This work is inspired by the idea of dissipating seismic energy at the
base of prefabricated RC columns via semi-active (SA) variable dampers
exploiting the base rocking. It was performed a wide numerical campaign to
investigate the seismic behavior of a precast RC column with a variable base
restraint. The latter is based on the combined use of a hinge, elastic springs, and
magnetorheological (MR) dampers remotely controlled according to the
instantaneous response of the structural component. The MR devices are driven
by a SA control algorithm purposely written to modulate the dissipative capa-
bility so as to reduce base bending moment without causing excessive dis-
placement at the top. The proposed strategy results to be really promising, since
the base restraint relaxation, that favours the base moment demand reduction, is
accompanied by an high enhancement of the dissipated energy due to rocking
that can be even able to reduce top displacement in respect to the “fixed base
rotation” conditions.

Keywords: Semi-active control � Rocking
Precast reinforced concrete elements

1 Introduction

The idea of a controlled rocking precast RC column is herein proposed and discussed.
It is potentially suitable for seismic retrofit of existing precast RC frame structures
where column-to-plinth connection, realized according to outdated technologies, can
yield significant rotation in case of severe earthquakes. However the proposed tech-
nique could also be applied to optimize the lateral response of new structures, where
the base joint can be specially designed so as to allow - in certain conditions and within
given limits–rotations and hence energy dissipation.

The idea of exploiting unavoidable rocking mechanism between assembled precast
structural elements to dissipate seismic energy has been explored during the last decades.
Most research is addressed to enhance seismic capacity of precast RC structures adding
energy dissipation systems at the beam-to-column connections (Spieth et al. 2004,
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Murahidy et al. 2004), less frequently the base connection of columns (Lu et al. 2016) or
cantilever walls (Belleri et al. 2014) have been also involved.

Herein a semi-active (SA) control system based on the application of magne-
torheological (MR) devices to realize a time-variant base restraint is investigated. The
mechanical properties of such variable base restraint for precast RC columns can be
driven in real time by a properly written control logic (Caterino 2015). The controller
has to be programmed to instantaneously calibrate the MR devices installed at the base
of the column in order to reduce the base bending moment, relaxing in selected
intervals of time the base restraint. Again, the control logic has to hold the top dis-
placement within acceptable values so as to avoid significant, detrimental second order
effects. After the formulation of the above idea, a finite element model of the structure
has been carried out so as to develop numerical simulations ad-dressed to optimally
calibrate the control logic properly designed for such kind of applications.

2 A Variable Base Restraint for Precast RC Columns:
Control Algorithm

The special base restraint is schematically shown in Fig. 1, where the uncontrolled
precast RC column, fully restrained at the base, is modeled as a single degree of
freedom dynamic system (Fig. 1(a)), having top mass m, stiffness kT and inherent
damping cT. In order to control the structural demand, the authors propose to replace
the perfectly rigid base restraint with a controllable one that is able to instantaneously
become more or less “stiff”, during the motion. Figure 1(b) just sketches the materi-
alization of this idea by a smooth hinge, with a rotational spring (of stiffness k/) and a
rotational variable damper whose damping constant c/ can be driven in real time by a
control algorithm. The same result can be obtained in practice by mounting two vertical

φ φ

  ( )c tks ksd   ( )c td

T Tk , cT T k , cT T

l ls d

(  )c(  )b(  )a

m mm

k , c

k  ( )c t

Fig. 1. Basic idea of SA control of a precast RC column via MR dampers
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linear springs (ks) placed at a certain distance (ls) from the hinge and two vertical SA
dampers (cd) at a distance ld from the central hinge (Fig. 1(c)).

SA MR dampers are considered as smart devices within the proposed control sys-
tem: when a low value is imposed to the base damping, the base restraint is less ‘stiff’, so
that the structure’s restraint is able to relax by converting its potential energy into kinetic
energy, and the bending moment at the base is reduced. A direct consequence of
controlling the demand of base bending stress could be an increase of top displacement
demand; therefore, the SA base control system is thought to reduce base stress, by
restraining the increase of top displacements within certain limits to control second order
effects. A specific bang-bang control algorithm is formulated by the authors (Caterino
2015) to instantaneously decide the system’s base configuration: it switches back and
forth from an “OFF” state (intensity of current i = imin, i.e. the minimum current set to
be given to the dampers) to an “ON” state (i = imax, i.e. the maximum assumed value for
the current) according to a logic aiming to control both the base stress and the top
displacement. Therefore, the control algorithm is so formulated:

a) if r tð Þj j\rlim
b) if r tð Þj j � rlim and x tð Þj j\xlim
c) if r tð Þj j � rlim and x tð Þj j � xlim and x tð Þ � _x tð Þ [ 0

d) if r tð Þj j � rlim and x tð Þj j � xlim and x tð Þ � _x tð Þ � 0

! i tð Þ ¼ imax

! i tð Þ ¼ 0

! i tð Þ ¼ imax

! i tð Þ ¼ 0

ð1Þ

where r(t), x(t) and ẋ(t) are respectively the value of stress at the base, top displacement
and top velocity at the instant of time t. In other words, the controller keeps ‘stiffer’ the
base restraint until the stress exceeds the limit value rlim (expression (a) of Eq. (1)),
whereas ‘relaxes’ it (“OFF” state of the dampers) when this limit is overpassed and the
displacement falls within the limit of acceptability xlim (expression (b) of Eq. (1)).
When both stress and displacement are beyond the respective threshold values, the
controller switches “ON” the dampers if the displacement is going towards a larger
value (so trying to damp or invert the displacement’s trend; expression (c) of Eq. (1)),
otherwise it switches “OFF” the MR devices to make them collaborating to both stress
and displacement reduction. Figure 2 schematically describes the above defined logic:
the decision of the controller (switch “ON” or switch “OFF”) depends on the occur-
rence of each of the four possible combinations regarding the value of base stress and
top displacement. The application of the proposed control algorithm requires the
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σ| |
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| |x(t) < xlim | |x(t) > xlim
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Fig. 2. The logic behind the controller (symbols refer to Eq. (1))
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definition of rational criteria to optimally calibrate the parameters involved in (imin,
imax, rlim and xlim). An effective calibration procedure has been proposed by the authors
in Caterino et al. (2016).

3 Calibration of the SA Controller: A Case Study

The calibration procedure proposed by Caterino et al. (2016) is herein applied with
reference to a specific case study, to provide the optimal choice of values to be assigned
to the parameters involved in the control algorithm. The first step is generating a finite

Fig. 3. Case study column’s model
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element model of the structure to be examined, able to reproduce both fixed base
(FB) and SA controlled configurations. With reference to a given seismic input, the
structural response in the FB and passive cases has been determined. Then a small
number of SA numerical simulations has been performed in order to single out the
optimal configuration of the controller able to achieve the maximum reduction of base
stress while not causing increasing of top displacement in respect to the FB case.

3.1 Case Study

The case study structure is a central column of a real precast RC structure (Fig. 3). The
reference real structure is a precast RC structure having plan dimensions 20 m � 30 m,
and a double slope covering. The columns are 5.7 m tall, with a uniform square cross
section of dimensions 0.55 m � 0.55 m. The mass acting at the top of a central column
is the sum of the masses of the covering elements relative to a half span at each side of
the column and is equal to 25.7 tons.

The base of the model is highly stiff and is supported in the middle by a cylindrical
steel hinge. On both sides of the base, one cylindrical spring and one MR damper are
installed. The assembly “elastic springs + SA MR dampers”, placed in parallel at the
base of the tower, just represents the smart base restraint herein proposed to control the
dynamic behavior of the structure.

The registration of the Campano Lucano (Italy) earthquake (Fig. 4) has been
adopted for the numerical analyses (code of the seismic record 290 ya, magnitude 6.9,
fault distance 32 km, date 23/11/1980, station ID ST96).
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3.2 Numerical Model

A finite element model has been generated in Matlab environment to simulate the
dynamic behavior of the case study structure. It consists in 37 elements: 36 elements
simulate the column with uniform cross Section (55 cm � 55 cm), while the last
element (37th) is more rigid and represents the connection of the top of the column to
the structural covering. The part of the double slope covering acting on the considered
column is simulated by a concentrated mass at the top of the column. Such mass is
added in the global mass matrix at the translational degree of freedom at the top of the
tower.

The base support has been modeled as in Fig. 5, that is by a rotational spring kspring
and a Maxwell element (representing the MR dampers) working in parallel. The value
for kspring (2.1e7 Nm/rad) can be easily derived from the stiffness of the two linear
springs and their distance from the center of rotation (hinge).

The Maxwell element, as known, consists of a spring kMaxwell and a linear viscous
damper cMaxwell in series. The controllable part of this device is represented by the
constant cMaxwell, while kMaxwell has been simply assumed high enough (3e8 Nm/rad) so
as to behave like a rigid link. Two different values of cMaxwell (con, coff) have been
determined so as to reproduce the dissipative capability of MR dampers respectively in
the “ON” and “OFF” states. These two opposite configurations of the MR dampers are
assumed to be those of the experimental campaign cited above, respectively corre-
sponding to i = imin = 0 A and i = imax = 1 A. The MR dampers considered to cali-
brate the Maxwell device properties are those adopted in Caterino et al. (2016). The
values of con, coff have been calibrated as follows: con = 1e10 Nms/rad and coff = 2e6
Nms/rad.

kspring
kMaxwell

cMaxwell

Fig. 5. Representation of the base restraint within the FE model of the SA controlled structure
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3.3 Numerical Simulations

A limited number of numerical analyses have been performed with reference to the
above FEM model in SA configuration. Each of them corresponds to a selected
combinations of stress (rlim) and displacement (xlim) limits. The constrained opti-
mization of the controller has been performed according to the condition aiming to
achieve the greatest reduction of the base stress (objective function) and, at the same
time, a top displacement (constraint function) no higher than that in uncontrolled FB
conditions:

min rmax
�
rmax;FB

� �
subject to xmax

�
xmax;FB � 1 ð2Þ
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Its result is to assume, for rlim and xlim, values respectively around 0.1rmax,FB and
0.5xmax,FB, leading to significant reduction of both base stress and top displacement,
due to a sharp increase of dissipated energy due to a larger rocking of the base.

According to the criterion defined in the condition above, the optimal configuration
of the control algorithm corresponds to the case (rlim, xlim) = (3 MPa, 10 mm): it leads
to the maximum response reduction (about 48%) in base stress, without increasing the
displacement in respect to the FB case.
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The following Figs. 6, 7, 8 and 9 show the time history response of the structure in
FB configuration, in Passive ON and Passive OFF configurations, and when
semi-actively controlled with the above parameters (rlim, xlim) = (3 MPa, 10 mm). The
results are also summarized in Table 1. The reason behind the performance exhibited
by the controller calibrated with (rlim, xlim) = (3 MPa, 10 mm) is the significant
number of instants where the rotations of the base are larger, so to determine a higher
dissipation of energy.
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4 Conclusions

The idea to instantaneously remote control base stiffness and damping of a precast RC
column to mitigate structural demand due to strong earthquakes has been discussed
herein. The reduction of stiffness at the base restraint itself would imply reduction of
base bending moment, but at the cost of a significant, undesired increase of dis-
placement demand at the top of the column. This is no longer true when the change of
stiffness is accompanied by a change of damping too. The greater rocking of the base
can be not so harmful for displacement demand if it is coupled with a significant
dissipation of energy. This is the main concept achieved by the authors and confirmed
by the simulations above described. The semi-active control via magnetorheological
dampers proposed for precast RC column is based on a 2-parameters control algorithm.
The optimal couple of values (rlim, xlim) for such parameters has been found according
to a specific calibration procedure. In particular, these limit values for base stress and
top displacement result to be respectively about 10% and 50% of the corresponding
peak response values registered in the fixed base conditions. The so calibrated control
system allowed high reduction of base stress, that results to be roughly halved in
respect to the “fixed base” case, without increasing the top displacement response. The
issue of recentering the system after the excitation is under study, it will be one of the
focuses of the future developments of this work.
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Abstract. Starting from a novel gradient-based method for the performance-
based seismic design (PBSD) of framed RC structures, proposed by one of the
authors, some improvements are presented in order to take into account the
damage-induced stiffness degradation at larger response values. The method
allows for the computation of the values of selected independent design vari-
ables (beams and column sections and reinforcement) leading to the attainment
or non-exceedance of pre-defined mean annual frequencies for multiple limit
states, i.e. incorporating control of the seismic risk during the design phase. The
improvement is accomplished by doubling the number of equivalent linear
analyses of seismic performance at each point in the design space, implementing
an intermediate element-by-element damage assessment after the first analysis.
The procedure is exemplified with reference to a 15-storey RC plane frame
building.

Keywords: Seismic design � Inelastic analysis � Mean annual rate
Risk � SAC

1 Introduction

Starting from the well-known SAC-FEMA closed-form approach for performance-
based assessment of structures (Cornell et al. 2002), a novel gradient-based method has
been proposed for the performance-based seismic design (PBSD) of framed RC
structures by Franchin and Pinto (2012).The method is characterized by a direct
understanding of the relationship between the performance requirements and the
variation of design structural variables, and it is consistent with the original aim pur-
sued by Cornell et al. (2002) of maintaining the performance-based earthquake engi-
neering procedures at an affordable level of complexity for practitioners and, at the
same time, of describing the aleatory nature of the problem in an explicit and suffi-
ciently rigorous way.

© Springer International Publishing AG, part of Springer Nature 2018
M. di Prisco and M. Menegotto (Eds.): ICD 2016, LNCE 10, pp. 272–285, 2018.
https://doi.org/10.1007/978-3-319-78936-1_20

http://crossmark.crossref.org/dialog/?doi=10.1007/978-3-319-78936-1_20&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-3-319-78936-1_20&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-3-319-78936-1_20&amp;domain=pdf


The initial method formulation was based on a number of assumptions, mainly bor-
rowed by the original SAC-FEMAanalytical architecture. Themethod has been shown to
be efficient and reliable in characterizing the peak response parameters (EDPs, e.g. peak
interstorey drift over height) for performance evaluation, but not to provide the same
accuracy in evaluating response at higher scales (e.g. position of the peak interstorey drift
along the building height, especially in case of collapse-related limit states (LSs)). Rea-
sons for this partial lack of accuracy have been identified in two key components of the
method: (i) the assumptionof linear interpolation of the seismic hazard curve in the log-log
space; (ii) the use in the equivalent linear response analysis of the original modal shape
seven for high damage states, by means of a single global stiffness scaling factor.

This paper presents the state of advancement of the research that is currently under
development to improve the original method. In this paper the second of the above
assumptions is removed by implementing a modified version of an existing procedure
for element-by-element damage assessment and associated element-based secant
stiffness evaluation (Gunay and Sucuoglu 2009).

This improved PBSD method is applied to a 15-storey RC frame building. Pre-
liminary results show that the improved method is suitable for a detailed PBSD of
structures with an explicit achievement of the desired risk levels. Assessment of
the designed structure by inelastic response-history analysis (IRHA) shows that the
method, though some improvements are still needed, the deformation pattern of the
structure is predicted much better even at higher damage levels.

2 Original Method Formulation

The method proposed in Franchin and Pinto (2012) allows the determination of the
values of a set of independent design variables d in order to meet pre-defined per-
formances requirements for a number nLS of chosen LSs (namely kLSi for i = 1,2, …
nLS) in terms of MAFs or corresponding arbitrary selected return periods TrLSi for the
seismic action. The target MAF k�LSi for the ith LS can be set for instance equal to the
MAF of the associated seismic intensity, then k�LSi ¼ 1=TrLSi. The procedure allows
for the direct control of the seismic risk (MAF of failure) associated with the specific
structural configuration and site. Such a design configuration is obtained by the iter-
ative solution of a constrained minimization problem expressed as:

min
d

~k2

subjected to c� 0

8<
: ð1Þ

where c = vector of linear and nonlinear constrains on the design parameters, and ~k is
defined at each iteration by

~k ¼ max kLSi
�
k�LSi � 1

� �
i ¼ 1; 2; . . .nLS ð2Þ

The last equation allows the governing LS at each iteration to be defined as the one
having the largest value of kLS=k

�
LS. Obviously, for the considered LSs, the acceptable
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solution will have one LS for which kLS ¼ k�LS and kLSi\k�LSi for the other nLS–1. The
square operator on ~k lets the objective function to be always positive and to have its
minimum equal to zero, corresponding to the above-mentioned situation when one
MAF of the nLS considered LSs is equal to its goal value. The constrains c can represent
requirements such as, e.g., maximum column cross-section reduction with the height or
minimum column-to-beam capacity ratio): They are expressed in the general form

c dð Þ¼A� f dð Þ þ b ð3Þ

where f(d) is a functional non-linear vector.
The introduced optimization problem is solved by a gradient-based approach where

the gradient of (1) with respect to d implies the evaluation of the gradient ∇dkLSi with
respect to d of each LS considered in (2).

This is made possible analytically by the availability of the well-known
SAC-FEMA formula proposed by Cornell et al. (2002) for the MAF evaluation
under the assumptions that: demand, D, and capacity, C, are lognormally distributed;
median demand varies with the intensity measure (IM) according to the power law
D̂ = aIMb; seismic hazard (MAF of the IM) can be approximated (around the region
IMD̂¼Ĉ) by the expression H(IM) = k0IM

−k, i.e. linear interpolation on a log-log space:

kLS ¼ H IMD¼C½ �exp 1
2
k2

b2
b2D;T þ b2C;T

� �� �

¼ k0
Ĉ
a

	 
�k
b

exp
1
2
k2

b2
b2D;T þ b2C;T

� �� � ð4Þ

where H[IMD = C] is the hazard, i.e. the MAF of the IM occurrence, evaluated at the IM
value that induces a median demand D̂ equal to the median limit-state capacity Ĉ, while
bD,T and bC,T are the total demand and capacity dispersions.

With these premises, the above mentioned gradient ∇d kLSi of the generic kLSi with
respect to the design variables d is evaluated starting from Eq. (4) under the
assumptions that the variation of bD,T and bC,T in the design space is negligible,
something leading to the following equation for ∇d kLSi

rdkLSi ¼ @kLSi
@k0

@k0
@d

þ @kLSi
@k1

@k1
@d

þ
@kLSi
@a

@a
@d

þ @kLSi
@b

@b
@d

i ¼ 1; 2; . . .; nLS

ð5Þ

where k0i, ki = hazard linear interpolation parameters for the ith LS, and a,b = pa-
rameters of the D-IM law for the structural response evaluation. In Franchin and Pinto
(2012), terms of the Eqs. (4) and (5) are evaluated by closed form equations, thanks to
the use of an equivalent linear structural model for response evaluation. In this respect
the method rests on the validity of the so-called empirical equal-displacement
approximation.

274 P. Franchin et al.



3 Proposed Modification

3.1 Damage-Induced Stiffness Degradation for Equivalent Linear
Analysis

Parameters k0 and k1, as well as a and b of Eq. (4) are usually established by linear
regression. The former on the hazard curve in terms of the chosen IM, and the latter on
the results of inelastic time-history analyses, carried out with recorded motions
appropriately selected to cover the IM range of interest and represent the expected
seismic input at the site. In order to limit computational effort of the optimization
procedure, in the original method b is assumed equal to one (a sufficiently reasonable
assumption for displacement EDPs) and a is evaluated by a single linear response
spectrum analysis at each iteration in the design space, with a unique global stiffness
reduction factor irrespective of the considered LS. For the same reason, the secant
structural vibration period is LS-independent and k0 and k1 are constant within one
iteration.

A valuable addition to the initial procedure is thus the introduction of a model for
the element-based damage-induced stiffness reduction. The introduction of such a
secant model, leads the above-mentioned k0, k1, a and b damage-dependent and thus
LS-dependent parameters. This changes Eq. (5) to

rdkLSi ¼ @kLSi
@k0i

@k0i
@d

þ @kLSi
@ki

@ki
@d

þ
@kLSi
@ai

@ai
@d

þ @kLSi
@bi

@bi
@d

i ¼ 1; 2; . . .; nLS

ð6Þ

where the dependence of k0, k1, a and b from the LS is highlighted.
Since the design method relies on linear equivalent representation of structural

response, one good option is to adopt the equivalent linear-elastic procedure proposed
in Günay and Sucuoglu (2009–2010) for framed structures in order to consider the
influence of the damage-induced stiffness reduction to the structural performances.

For each structural member the bending stiffness reduction factor (RF) is inversely
proportional to a bending moment ratio (RM), which takes values between 1 (no
stiffness reduction) and infinity (element complete loss of stiffness). The RM is eval-
uated for all structural members as the ratio between the sum of seismic bending
moments at the member ends to the sum of the corresponding residual capacity bending
moments (bending moment capacity reduced by non-seismic, i.e. gravity, effects).

Initial cracking is taken into account by an initial reduction factor (IRF) applied to
the gross uncracked bending stiffness of the elements, assumed equal to 0.6 for the
columns and 0.4 for the beams.

Structural response analysis is carried out in two steps: (i) response is first evaluated
under non-seismic (static analysis) and seismic (modal response spectrum analysis)
loads with initial stiffness (IRFs); the resulting seismic and non-seismic external
moments are then used to evaluate the actual response-dependent RFs; (ii) a second
analysis is carried out to evaluate the response of the structure having the stiffness
additionally reduced by the RFs calculated at the previous step. In principle, the second
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analysis should be carried out with secant stiffness and increased equivalent viscous
damping, to account for damage. Here, however, the authors take a different path, in
order to avoid the difficulty of evaluating an equivalent global damping as a function of
non-uniform inelastic deformation. In the second analysis seismic action at each mode
is taken equal to the spectral displacement at the period of the cracked-but-undamaged
structure evaluated in step i, i.e. with the same damping, while the deformed shape for
each mode is the shape obtained for the damaged structure. Neglecting the increase
damping leads to response overestimation, while neglecting the stiffness increase leads
to response underestimation. The two effects to some extent cancel out, but in an
uncontrolled, structure-dependent fashion (see later).

3.2 Capacity Design

The original method by Franchin and Pinto (2012) did not take into account capacity
design. While drifts were directly controlled, the actual plastic mechanism could and
actually did include hinges in columns. Capacity design is regarded as a paramount
aspect of safety in structures designed to enter the inelastic range, thus it is here added
to the method. Günay and Sucuoglu (2009) first introduced their procedure for
capacity-designed structures, meaning that the analyst would know beforehand where
plastic hinge could form (in beams). They then extended their procedure to existing
structures (2010) and introduced a formal check of column-to-beam capacity ratios
(CBCRs) at all joints in order to first determine potential plastic hinge zones. In the
proposed improved design procedure this check on CBCRs is introduced as an addi-
tional constraint on the design variables in Eq. (3), so that all feasible points in the
design space are capacity-design compliant.

The CBCR at a structural joint is defined as shown in Fig. 1 as:

CBCR ¼ Mc up þMc bot

Mc right þMc left
ð7Þ

where Mc_up and Mc_bot = bending moment capacities of the upper and bottom column,
and Mc_right and Mc_left = bending moment capacities of the right and left beams
respectively.

Mc_bot

Mc_leftMc_rigth

Mc_up

Fig. 1. Bending moments at the joint for the CBCR definition

276 P. Franchin et al.



According to Günay and Sucuoglu (2010) only the attached beams or columns
ends, for joints having CBCRs greater/equal to 1.2 or lower/equal to 0.8 respectively,
are assumed to be potential yielding regions, while for joints having CBCRs values
between 0.8 and 1.2, both columns and beams ends are treated as potential yielding
regions. Expressions used for the evaluation of the RM for the generic beam or column
are selected depending on the number of ends that are considered as potential yielding
regions after the evaluation of all the CBCRs:

– Both ends are not potential yielding regions

RM ¼ 1 ð8Þ

– Only one end, e.g. i, is a potential yielding region

RM ¼ ME;i þME;j

MRC;i þ aMRC;j

with
a ¼ CBCR if CBCR\1

a ¼ 1=CBCR if CBCR[ 1

( ð9Þ

– Both ends are potential yielding regions

RM ¼ ME;i þME;j

MRC;i þMRC;j
ð10Þ

In the above Eqs. (8, 9 and 10), ME,i;j is the seismic demand bending moment at the
i–th or j–th end of the member, MRC,i;j the corresponding residual bending moment
capacity.

In the modified design method, the new constraints ensure that CBCR is larger than
1.2 (or any other chosen value) at all nodes but for the base of ground floor columns.
Thus Eq. (9) is used for the latter columns, Eq. (8) for all other columns and Eq. (10)
for beams. Introduction of the new constraints requires of course to consider among the
design variables also the reinforcement ratios, which were not included in the original
method formulation.

3.3 Consistency of Seismic Action Representations in Probabilistic
Design and Inelastic Response-History Analysis for Validation

Without any loss of generality, the spectral displacement at the first natural period of
the structure Sd(T1) is selected as the IM, and the seismic input for the equivalent-linear
modal response spectrum analyses is defined in terms of uniform hazard spectra(UHS)
(Loh et al. 1994).

Validation of the method requires an independent assessment of the seismic risk
(MAF of exceedance for each LS) by means of IRHA. It should be noted that Franchin
and Pinto (2012) carried out the IRHA in a now outdated manner, though acceptable at
the time. Motions were artificial spectrum-compatible with the UHS used in design.
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Without entering into the details, this is not correct and methods are available today to
select recorded motions that are truly compatible with the considered site seismicity,
e.g. the conditional spectrum method (Lin et al. 2013). When motions are correctly
selected according to such methods, the resulting estimate of the MAF of any LS is
unbiased and converges with larger number of records. When motions are not correctly
selected, MAF estimates are biased and changing records leads to different and more
dispersed MAF estimated. For this reason, a bootstrap was carried out in Franchin and
Pinto (2012) which is not necessary here. What is important instead, is to be fair to the
design method in its validation and to use a UHS truly consistent with the motion
selected for validation. Thus, the UHS for design is obtained for the site of interest on
the basis of the set of 200 ground motions (a total of 20 motions for Ns = 10 levels of
seismic intensity), selected by using the conditional spectrum method with a condi-
tioning period T = 2 s:

– Conditional spectra of the 200 records are obtained
– For each Sa(T

*) with T* different from the conditioning T ( = 2 s), HSa* is evaluated
as

HSa�ðs�Þ ¼ PðS�a [ s�Þ ffi
XNs
t¼1

ĜS�ajSa s� stjð Þ DHSa stð Þj j ð11Þ

Where the complementary CDF of Sa(T
*) is

ĜS�ajSa s� stjð Þ ¼ PðS�a [ s� Sa ¼ stj Þ ¼ NRðS�a [ s�Þ
Ntot
R

ð12Þ

where NR(Sa
* > s*) is the number of records with intensity level st having Sa

* > s*,
NR
TOT = = 20 for all intensities).

– UHS are then obtained by intersection of hazard curves as qualitatively represented
in Fig. 2.

HSa*i

Sa

HSa*3 HSa*1 HSa*2

Sa(T3) Sa(T1) Sa(T2)

Hí

Hí

T

Sa(T1)

Sa(T2)

Sa(T3)

T1 T2 T3

Sa(T)

Fig. 2. Extrapolation of the UHS
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4 Applicative Example

The improved method is applied to a 15-storey RC building frame shown in Fig. 3.
Overall building dimensions are shown in the figure. In addition to self-weight, a
vertical uniformly distributed load of 34.5 kN/m is applied to the beams. The main
response parameter for the performance evaluation is the peak interstorey drifthmax.
The gradient-based constrained optimization is solved in Matlab© by means of the
“fmincon” function. The purpose-made code evaluates also the response of 2D frame
models. Two design LSs are considered: Light Damage (LD) LS, corresponding to a
median hmax,LD = 0.004, and Collapse Prevention (CP) LS, corresponding to a median
hmax,CP = 0.015. Dispersions are specified later. The two corresponding target MAFs
are arbitrarily set to k�LD ¼ 1= 100 yearsð Þ and k�CP ¼ 1= 2470 yearsð Þ. For this appli-
cation b is still set to 1 in previous equations for both LSs (see comments).

4.1 Design Variables and Constraints

A total of 67 design variables are defined, including the in-plane dimensions (cross-
sections heights “t”) of the columns (cross-section height variation in the same column
alignment is allowed every five floors and differentiation between external and internal
column alignments is allowed, for a total of 6 DVs) and beams (all the beams are assumed
to have the same cross-section height, for a total of 1 DV), as well as the reinforcement
ratios qs of all beams (top reinforcement) and columns, for a total of 60 variables (different
qs at eachfloor,qs of beams converging to the same joint forced to be the same; plus global
symmetry of the building,). For all columns, top and bottom reinforcements are the same,
while for all beams the bottom reinforcement is assumed to be equal to half the top
reinforcement.

3 x 6 m

15
 x

 3
 m

cross section height of 
columns (6 DVs)

t,ext,Nlevel

t,int,Nlevel Nlevel= 1:3

cross section height
of beams (1 DV)

t,beams

reinforcement ratios of 
beams (30 DVs)

ρs,n n = 31 to 60

reinforcement ratios of 
columns (30 DVs)

ρs,n n = 1 to 30

=
Note: same steel reinforcements

Fig. 3. Overall dimensions of the building (left) and design variables (right).
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The DVs are shown in Fig. 3 and in Table 1, where the allowed maximum and
minimum values are also reported. Initial values are set to 1.1 times the minimum ones.
The out-of-plane cross section dimensions are kept constant for all members and equal
to 0.5, 0.4 and 0.3 m for the columns (both internal and external) of the first ten floors,
of the last five floors, and for all floor beams respectively.

4.2 Seismic Hazard and Uncertainties Treatment

The site of L’Aquila (Italy) is chosen for the example. UHS are obtained as described
from a set of 200 recorded motions selected through conditional spectrum. The UHS
are obtained starting from the conditional spectra of the signals with a fixed condi-
tioning period equal to 2 s. A set of UHS obtained for the reference site at different
return periods is shown in Fig. 4.

In applying the SAC-FEMA approach for performance-based assessment or design, a
crucial point is the quantification of the uncertainty involved in the analysis, identified by
the demand and capacity dispersions bD,T and bC,T in Eq. (4). As well known (CEB-FIP
2012, Vamvatsikos 2013) the total dispersions of both demand D and capacity C can be

Table 1. Design variables and their min and max values.

DV Description Min
[m or %]

Max
[m or %]

t,ext,1 t external columns
first 5 floors

0.7 m 1.4 m

t,ext,2 t external columns
6th to 10th floor

0.6 1.2

t,ext,3 t external columns
11th to 15th floor

0.5 1.0

t,int,1 t internal columns
first 5 floors

0.75 1.5

t,int,2 t internal columns
6th to 10th floor

0.65 1.3

t,int,3 t internal columns
11th to 15th floor

0.55 1.1

t,beams t beams, all elements 0.6 1.2
qs,1:15 reinf ratios external

columns 1st to 15th floor
0.8% 3%

qs,16:30 reinf ratios internal
columns 1st to 15th floor

0.8 3

qs,31:60 top reinf ratios beams
1st to 15th floor

0.15 3

Note: “t” indicates the cross-section in-plane dimension
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modelled as composed bydispersions due to aleatory randomness (bD,R andbC,R forD and
C respectively) and due to epistemic uncertainty (bD,U and bC,U forD andC respectively).
Under the common assumption that there is no correlation between R and U, total dis-
persions are obtained as:

bD;T ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
b2D;R þ b2D;U

� �r
ð13Þ

bC;T ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
b2C;R þ b2C;U

� �r
ð14Þ

The following values are adopted for the dispersions:

– LD: bD,R = 0.3; bD,U = 0.2; bC,R = 0; bC,R = 0
– CP: bD,R = 0.3; bD,U = 0.2; bC,R = 0.3; bC,R = 0.2

5 Results and Validation

The final design configuration is shown in Fig. 5, while the modal periods (first 5
modal shapes, with a total modal participating mass of more than 90% of the total) of
the structure “after the gravity loads” (the one obtained by the application of the
stiffness IRF as described in 3.1) are: T1-5 = 2.08 s; 0.70 s; 0.40 s; 0.27 s; 0.20 s. It is
important to note that the first natural period of the structure T1 = 2.08 s, something
very near to the conditioning period (2 s) used in obtaining the UHS by the conditional
spectrum method as described in the previous section. This ensures that the chosen IM
is efficient for the designed structure.

Fig. 4. Uniform hazard spectra for the selected site (L’Aquila-Italy)
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The convergence of the procedure is obtained with about 20 iterations, and the final
obtained MAFs are:

– kLD ¼ 0:0025 k�LD ¼ 0:01
� 

– kCP ¼ 3:97� 10�4 k�CP ¼ 1=2470 ¼ 4:04� 10�4
� 

From the result it is evident that the CP-LS is dominant for this design, and the
obtained value of kCP is very near to the target value k�CP, the difference between the
two being due to the numerical convergence tolerances of the optimization procedure.

A useful representation of the damage state evaluated by the equivalent linear
procedure is the one shown on the left side of Fig. 6 for the final configuration sub-
jected to the UHS at the CP-LS (Tr = 2470 years): circles indicate the potential plastic
hinges), their diameter being proportional to the ratio IRF/RF as evaluated for the
elements during the analysis, meaning that small values of RF are interpreted as large
excursions of the element in the plastic domain due to the seismic action. Black (bold)
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Fig. 5. Final configuration: column in-plane cross section dimensions (left), columns reinforce-
ment ratios (central), beams top reinforcement ratios (right)

Fig. 6. Plastic hinges for the collapse prevention LS. Equivalent linear procedure (left); NLA
signal 1 (right).
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colour indicates that the plastic hinge is activated (RF < 1), while light grey colour
indicates that the plastic hinge is not activated (RF = 1). From the figure can be also
appreciated that the capacity design is correctly realized (plastic hinges are activated
only in beams and at the base) by means of the constrains on the CBCR described in
previous Sect. 3.2.

Validation through IRHA is carried out in OpenSees (McKenna and Fenves 2001).
A model is set up with elastic frame elements and zeroLength elements representing
plastic hinges having a modified Ibarra-Medina-Krawinkler constitutive law (Ibarra
et al. 2005, Lignos and Krawinkler 2011). Parameters for the latter are set in order to
have a bi-linear hinge behavior (with a slight hardening of 0.001 of the elastic stiffness
for numerical stability purposes) without any cyclic stiffness degradation. The hinges
activation values for elements are the ones obtained from the gross stiffness reduced by
means of the same IRF adopted in the previous described linear equivalent analysis,
taking into account for the difference between the top and bottom cross sections
reinforcements in the beams.

The comparison between the maximum drift profiles obtained by the equivalent
linear procedure and the UHS with Tr = 2470 years, with the 20 IRHAs corresponding
to the seismic intensity Tr = 2500 years is shown in Fig. 7, where the mean and
median of the IRHA maximum drift profiles are also reported, together with the median
drift identifying the CP-LS (hmax,CP = 0.015). Both the mean and median of IRHAs
and the result of the equivalent linear analysis are smaller than the CP-LS threshold.
This is correct since it accounts for dispersion in both demand (visible from the
individual motion results) and capacity. It is apparent that the equivalent linear model is
able to correctly evaluate the shape of the max drift profile, also if the maximum is
slightly underestimated and translated with respect to the mean and/or median of the
IRHA results. The profile shape is much better captured than with the original method
formulation (see Franchin and Pinto 2012). The discrepancy on the peak value, on the
other hand, is larger than in the original formulation. This may be due to the uncon-
trolled counterbalancing effects described in Sect. 3.1, or to the choice of the demand
dispersion in Sect. 4.2 (for instance a reduction in bD,U would increase drift profile
values). The response underestimation is confirmed by the comparison (Fig. 6) of the
plastic hinges configuration obtained by the equivalent linear analysis (left) subjected
to the UHS at the CP-LS (Tr = 2470 years) with the one obtained with the IRHA
(right) under one of the 20 motions corresponding to Tr = 2500 years. In the case of
IRHA, the circles diameter (activated plastic hinges) is proportional to the ratio
between the maximum curvature experimented by the hinge section to the yielding
curvature.In any case, the good match of plastic hinge distribution is encouraging.

Finally, the MAF obtained with the final building configuration for the CP-LS
(kCP = 3.97 10−4) is compared with the one estimated by a multiple stripe analysis
(Jalayer and Cornell 2009) referred to as kNLACP , carried out with the 20 � 10 = 200
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selectedmotions. The expected value �kNLACP of kNLACP can be evaluated by the convolution of
the structural fragility P(hmax > hmax,CP|IM) with the hazard (H) by following equation

�kNLACP ¼
Z1
0

P hmax [ hmax;CP
��IM ¼ x

� 
dH IM ¼ xð Þ ð15Þ

where hmax is the maximum drift obtained by NLA and P(• | •) indicates a conditional
probability, and IM is the intensity measure taken equal to the spectral acceleration at
the first structural period Sa(T1) for the NLA.

In order to have an idea of the reliability of the results, the 99% confidence interval
of the �kNLACP has been also evaluated as [4.11 � 10−4 − 8.81 � 10−4]. It is noted that
both kCP and k�CP are slightly outside this interval, as expected looking at the maximum
drift profiles in Fig. 7. It is still necessary to be put in place some correction regarding
the linear equivalent model and/or the uncertainty treatment.

6 Conclusions

A method for the probabilistic PBSD of RC frames is presented. The method aims at
allowing for the direct control of the resulting structural seismic risk of multiple LSs,
while easily imposing both construction (tapering, symmetry, minimum and maximum
reinforcement, geometric conditions in general) and performance (e.g. CBCR)

Fig. 7. Max interstorey drift profiles for collapse prevention LS. Comparison between
equivalent linear procedure and nonlinear analysis (NLA).
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constrains during the design step. The implementation in the method of available
equivalent linear models for seismic analysis of damaged structures allows for better
consideration of stiffness degradation at higher response levels. The results of the
method (MAF and peak interstory drift prediction) are compared with inelastic
response history analysis with recorded ground motions. The results indicate that the
method is potentially suitable for direct probabilistic design of RC frames but further
improvement of the equivalent linear analysis procedure and a better quantification of
the uncertainties involved in the problem are still needed.
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Abstract. The non-linear behaviour of concrete structures is the result of a
series of phenomena, as material non-linear constitutive law and cracking pro-
cess. As a consequence, in order to understand the behaviour of reinforced
concrete members from elastic field to ultimate condition, is necessary to use
instruments able to simulate the material damaging evolution under growing
loads. Commercial non-linear finite elements codes are generally able to sim-
ulate concrete behaviour with good approximation when a progressive incre-
mental load is applied. However, the same result could not be reached under a
cyclic loading. In this work two commercial non-linear finite element codes
have been considered in order to assess the skill of these codes to simulate
non-linear concrete behaviour under cyclic loading. The results of six laboratory
tests on shear walls have been compared with the ones obtained by means of
numerical models and some conclusions on the numerical predictions are
presented.

Keywords: Reinforced concrete � Non-linear � Finite elements
Cyclic loading � Shear walls

1 Introduction

The non-linear behaviour of reinforced concrete structural members, which is
expressed by the non-proportionality between actions and structural response, it is the
result of a series of phenomena as non-linearity of the materials constitutive law,
cracking process and second order effects into slender structures.

It is then necessary to use instruments able to follow this complex behaviour and to
simulate the damaging process that occur progressively into the concrete matrix.

The Model Code 2010 allows designers to assess the structural reliability by using a
safety format applicable to results coming from non-linear analysis. The structure can
be considered safe if the subsequent relation is satisfied:

Fd �Rd ð1Þ

Where Fd = design agent action; and Rd = design strength of the structural
member.
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The structural response and strength can be evaluated by using GMNA (Geometrical,
Material Non-linear Analysis) methods in order to take into account the real behavior
under severe loading conditions.

The same analysis performed with different finite element codes can lead to dis-
cordant results, which may also show strong deviations from the experimental ones,
when these are available.

Therefore, a non-linear finite element code needs to be accurately tested in order to
let designers know the level of accuracy of the GMNA they will perform.

Six laboratory tests on shear walls subjected to cyclic loads up to failure are
considered in this paper: Pilakoutas and Elnashai (1995), Lefas and Kotsovos (1990).

Bertagnoli et al. (2015) presented a comparison between three commercial finite
element codes named A, B and C, testing plane stress structures under monotonically
increasing loads.

Software B and C demonstrated a better accuracy therefore have been chosen for
the present evaluation under cyclic loads.

The shear-walls have been numerically reproduced using plane stress models,
choosing the same kind of elements and the same mesh dimension in both softwares.

Commercial non-linear finite elements codes generally provide better results when
used to reproduce experimental tests with monotonically increasing loads, rather than
with cyclic loading.

In fact, the way the code manages cracks opening and reclosing process acquires
fundamental relevance under a cyclic load configuration.

Furthermore, in reinforced concrete structures subjected to cyclic loads, becomes
relevant the effect of concrete confinement provided by the member geometry and
stirrups or transverse reinforcement.

Shear walls can be modelled using three-dimensional or plane stress models. Both
the choices need a careful interpretation of confinement phenomena.

In particular, in plane stress models, the in-plane confinement is always managed
by the f.e. code, but out-of-plane confinement effect is not taken into account auto-
matically if the user does not introduces it artificially.

The model proposed by Eurocode 2, that will be explained in Sect. 3.2, has been
adopted in the present paper in order to consider out-of-plane confinement contribute.

2 Case Studies

2.1 Lefas and Kotsovos Walls

The specimens realized by Lefas and Kotsovos (1990) are 650 mm wide, 1300 mm
high and 65 mm thick. The walls named SW31, SW32 and SW33 have been analysed
in this paper.

All specimens, tested as isolated cantilever, are monolithically connected to an
upper and a lower beam, the former is used to transfer the load coming from the jack,
while the latter is used to simulate a rigid foundation; in addition both elements are
used to anchor vertical bars.
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Figure 1 shows the nominal dimensions of the walls and the arrangement of the
reinforcements. Vertical and horizontal bars with a diameter of 8 and 6.25 mm
respectively have been used, furthermore the vertical edges of the walls are provided
with 4 mm stirrups in order to confine the concrete.

In Tables 1 and 2 are summarized the main properties of the material used for each
wall, where: fcm is the concrete mean cylinder compressive strength, ec1 is the strain at
peak stress, ecu1 is the ultimate strain in uniaxial loading, whereas fy is steel yielding
stress, ey is yielding strain, and fu is steel failure stress and eu is ultimate strain.

Figures 2, 3 and 4 show the three simplified types of horizontal cyclic loading
adopted respectively for the specimens SW31, SW32 and SW33. After the cyclic phase
all specimens have been incrementally loaded up to failure.

Fig. 1. Geometry and reinforcement details of walls SW31, SW32 and SW33.

Table 1. Concrete properties

Specimen fcm (MPa) ec1 (‰) ecu1 (‰)

SW31 29.2 2.15 3.50
SW32 44.5 2.39 3.50
SW33 40.8 2.34 3.50

Table 2. Reinforcement properties

Diameter (mm) fy (MPa) fu (MPa) ey (%) eu (%)

U 4 420 490 0.21 7.50
U 6.25 520 610 0.26 7.50
U 8 470 565 0.24 7.50
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2.2 Pilakoutas and Elnashai Walls

The specimens realized by Pilakoutas and Elnashai (1995) are 600 mm wide, 1200 mm
high and 60 mm thick; the walls named SW4, SW6 and SW8 have been analysed in the
present work.

The horizontal force coming from the jack has been applied to a top beam designed
to diffuse it uniformly into the wall.

The load scheme presented in Pilakoutas paper shows also the presence of two
rollers placed at the sides of the upper beam and connected to a vertical steel frame in
order to control the horizontal movement of the top beam.

Detailed information about these devices are not given in the paper, therefore the
authors performed several simulations with different constraint conditions at the top of
the walls.

Fig. 2. Loading history for wall SW31.

Fig. 3. Loading history for wall SW32.

Fig. 4. Loading history for wall SW33.
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The best fitting with experimental results has been obtained with nil vertical con-
straints applied to the top beam.

The walls are fully restrained and anchored to a lower beam used to simulate a rigid
foundation; the upper and lower beams are also used to anchor the vertical rein-
forcement bars.

Figures 5, 6 and 7 show the nominal dimensions of the walls and the arrangement
of the reinforcements. Vertical and horizontal bars with a diameter between 4 and
12 mm have been used; two “pillars” at the sides of the walls are provided with stirrups
with a diameter of 4 and 6 mm, each walls has a different disposition of the stirrups.

In Tables 3 and 4 are summarized the main properties of the material used for each
wall. The meaning of the symbols has been already described in the previous
paragraph.

Figure 8 shows the loading history adopted for SW4, SW6 and SW8. A single load
level is composed by two full cycles with the same maximum top displacement. When
one load level is completed the top displacement has been incremented of 2 mm in both
directions. All specimens have been tested up to failure.

Fig. 5. Geometry and reinforcement details of wall SW4 /.

Fig. 6. Geometry and reinforcement details of wall SW6 /.
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3 Finite Elements Models

3.1 Mesh and Material Models

Numerical models of the shear walls have been realized using four-node quadrilateral
isoparametric plane stress finite elements, based on linear polynomial interpolation and

Fig. 7. Geometry and reinforcement details of wall SW8.

Table 3. Concrete properties.

Specimen fcm (MPa) ec1 (‰) ecu1 (‰)

SW4 36.9 2.28 3.50
SW6 38.6 2.30 3.50
SW8 45.8 2.41 3.50

Table 4. Reinforcement properties.

Diameter (mm) fy (MPa) fu (MPa) ey (%) eu (%)

U 4 400 460 0.20 6.00
U 6 545 590 0.27 2.00
U 10 530 660 0.27 4.20
U 12 500 660 0.25 8.50

Fig. 8. Geometry and reinforcement details of wall SW4.
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2 � 2 Gauss point’s integration scheme. The dimension of each element is about of
0.05 � 0.05 m, this size has been chosen after a calibration procedure.

The main mechanical characteristics of the material models used in the codes are
the same defined in Bertagnoli et al. (2015), the only differences are:

– In Software C, the constitutive law adopted for concrete follows EN1992-1-1
instead of the Thorenfeld law;

– In Software B and C, the shear stiffness reduction after cracking has been consid-
ered by means of a shear retention factor b = 0.15.

– In Software B and C, the concrete tensile behaviour has been modelled with a linear
tension softening law only. The latter presents the ultimate strain of softening
branch as 10 � Ɛl. Where Ɛl is the strain corresponding to the peak concrete tensile
strength.

3.2 Out-of-Plane Confinement

The out-of-plane confinement action given by the closed stirrups located along the
external chords of the shear walls, can provide an important stiffening contribute,
particularly in presence of cyclic loading.

In the present work has been adopted the model proposed by Eurocode 2 in order to
consider this favourable effect as already proposed by the authors (Bertagnoli et al.
(2011)).

Out-of-plane confinement has been taken into account by increasing the peak
strength, the corresponding strain and the ultimate compression strain in the consti-
tutive law for concrete in compression. The increase in strength and both in ultimate
and peak strains of concrete depends on the effective transverse compressive stress that
has been estimated as a function of the amount of the out-of-plane reinforcement qz and
its deformation level ez.

Out-of-plane reinforcement can be evaluated as the shear link leg area Ast smeared
on the confined chords width cs (qz = Ast/cs).

The stress rs,z in the transverse reinforcement can be evaluated by an approximated
approach using an elastic-plastic law:

rs;z ¼ Es � ez if ez\es;y
fy if ez � es;y

�
ð2Þ

Where ez = out-of-plane strain from plane stress theory. Thus, the confining stress
rz in concrete has been calculated as follows:

rz ¼ �qz � rs;z ð3Þ

The effect of confining stresses is a strength enhancement:

fcm;c ¼ fcm 1þ 5rz=fcmð Þ if rz\ 0:05fcm ð4Þ

fcm;c ¼ fcm 1:125þ 2:5rz=fcmð Þ if rz [ 0:05fcm ð5Þ
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Where fcm,c = average cylindrical strength of confined concrete; fcm = average
cylindrical strength from a uniaxial test.

The strain at peak strength ec0,c and the ultimate strain ecu,c in the confined state are
related to the respective unconfined values as follows:

ec0;c ¼ ec0 fcm;c=fcm
� � 2 ð6Þ

ecu;c ¼ ecu þ 0:2rz=fcm ð7Þ

4 Results Discussion

The results obtained respectively with software B, software C and the experimental
ones are shown side by side in Figs. 9, 10, 11, 12, 13, 14, 15, 16, 17, 18, 19, 20, 21, 22,
23, 24, 25 and 26 in order to allow an easy interpretation.

All numerical models have been loaded applying an imposed horizontal dis-
placement to the top beam and the comparison between experimental and numerical
results is done in terms of horizontal force corresponding to the imposed displacement
(jack force).

Fig. 9. Software B: force
vs displacement SW4.

Fig. 10. Software C: force
vs displacement SW4.

Fig. 11. Experimental:
force vs displacement SW4.

Fig. 12. Software B: force
vs displacement SW6.

Fig. 13. Software C: force
vs displacement SW6.

Fig. 14. Experimental:
force vs displacement SW6.
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Fig. 15. Software B: force vs
displacement SW8.

Fig. 16. Software C: force
vs displacement SW8.

Fig. 17. Experimental: force
vs displacement SW8.

Fig. 18. Software B: force
vs displacement SW31.

Fig. 19. Software C: force
vs displacement SW31.

Fig. 20. Experimental: force
vs displacement SW31.

Fig. 21. Software B: force
vs displacement SW32.

Fig. 22. Software C: force
vs displacement SW32.

Fig. 23. Experimental:
force vs displacement SW32.

Fig. 24. Software B: force vs
displacement SW33.

Fig. 25. Software C: force
vs displacement SW33.

Fig. 26. Experimental: force
vs displacement SW33.
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The results of walls SW31, SW32, SW33 turn out to be more accurate and faithful
to experimental ones than walls SW4, SW8, SW10.

The main difference between the two families of walls is the loading processes as
described in Sect. 2.

4.1 Software B Results

– SW4: the model is able to reproduce adequately the experimental behaviour only up
to an imposed displacement of the top beam of ±14 mm (maximum displacement
applied during the experimental test = ±20 mm). For higher displacements soft-
ware C is not able to provide reliable results.
However, especially for high displacement levels, the numerical prediction of the
applied force differs from the experimental one only of ±5%.

– SW6: the model is able to reproduce adequately the experimental behaviour only up
to an imposed displacement of the top beam of ±14 mm (maximum displacement
applied during the test = ±20 mm). The applied load is overestimated of about
20% for higher imposed displacements.

– SW8: the model is able to reproduce adequately the experimental behaviour only up
to an imposed displacement of the top beam of ±10 mm (maximum displacement
applied during the test = ±20 mm). The load is overestimated again of about
+25%. The model is stiffer in the initial stages but becomes too deformable for
higher displacements.

– SW31: the model is able to reproduce adequately the experimental behaviour for the
whole test. As regards the cyclic stage, during the loading phases it can be noted a
good correspondence with the actual values, while in the unloading phases the
response of the software B can be considered elastic. Nevertheless an underesti-
mation of the ultimate load of about 20% has to be declared.

– SW32: the model is able to reproduce adequately the experimental behaviour for the
whole test. In last stage up to the failure, software B is able to reproduce the actual
behaviour, but also in this test there is an underestimation of the ultimate load of
about 10%;

– SW33: Similar considerations to the previous case can also be done for this wall. It
can be noticed a small underestimation of the experimental load of about 10% during
the cycles, whereas in the final loading up to failure there is an underestimation of the
ultimate load of about 15%. The global behaviour is although well reproduced.

4.2 Software C Results

– SW4: the numerical model is able to reproduce adequately the experimental
behaviour only up to an imposed displacement of the top beam of ±16 mm
(maximum displacement applied during the experimental test = ±20 mm). For
higher displacements software C is not able to provide reliable results.
The amplitude of the cycles, as well as the slope of the loading and unloading curves,
are approximated in a satisfactory way. However, especially for high displacements,
the corresponding loads are greater than the experimental ones (deviation between
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+5% and +20%). The numerical model seems to be stiffer than the experimental one
especially in the first part of the analysis.

– SW6: as for wall SW4, the numerical model is able to reproduce adequately the
experimental behaviour only up to an imposed displacement of the top beam
of ±16 mm (maximum displacement applied during the test = ±20 mm). For higher
displacements with software C it can be noted the presence of high shear deformation
localized at the base which is not in accordance with the experimental results.

– SW8: the numerical model is able to reproduce adequately the experimental
behaviour only up to an imposed displacement of the top beam of ±12 mm
(maximum displacement applied during the test = ±20 mm). A progressive soft-
ening can be noted for higher imposed displacements, resulting in flattening of
loading and unloading cycles; this phenomenon is not in accordance with the
experimental behaviour. The prediction of the applied horizontal force is correct up
to ±12 mm of displacement, whereas the numerical model becomes too deformable
for higher imposed displacements.

– SW31: the numerical model is able to reproduce adequately the experimental
behaviour in the whole test. A good correspondence with the experimental values of
force and displacement can be observed in the cyclic stage in the loading curves,
while some disagreement between numerical and experimental can be seen in the
unloading curves as the response of the software C can be considered elastic during
unloading. In the last part of the test, software C is able to reproduce the experi-
mental behaviour in a satisfactory way up to failure, however it underestimates the
ultimate load of about 20%.

– SW32: the numerical model is able to reproduce adequately the experimental
behaviour in the whole test. In the cyclic stage, the model response is very good both
during the loading phases and the unloading ones, unlike SW31. Finally, in last stage
up to the failure, software C is able to reproduce the actual behaviour, also in this test
there is an underestimation of the ultimate load, but the difference is less than 10%.

– SW33: the same considerations seen in the previous case can be drawn also for this
wall. The amplitude of the cycles, as well as the slope of the loading and unloading
curves, are approximated in a satisfactory way for the whole duration of test. Again,
a small underestimation (about 10%) of the ultimate load can be noted. During the
last loading curve up to the failure, software C is able to reproduce the actual
behaviour up to 20 mm of imposed displacement, whereas the experimental test
reached 25 mm. A slight underestimation of the ultimate load (10%) is found again.

Software B and Software C show a substantial equivalence in the simulation of the
structural behaviour.

A relevant parameter to evaluate performance of the numerical analyses seems to be
the ratio between the top horizontal displacement and the height of the wall, which can
be called “shear deformation”.

In fact, it represents the global average level of angular distortion c that occur into
the wall during the test.

Solutions proposed by Software B and C are satisfactory until the parameter c
reaches a value around 8 � 10−3, which, being all the walls height almost equal, cor-
responds to a top horizontal displacement of about 10 mm.
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Such value of c implies a principal deformation e2 magnitude which is close to the
deformation at failure of concrete (�3.5 � 10−3).

When c level of angular distortion is passed, both software are unable to reproduce
accurately the actual structural behaviour.

For high displacement levels, the phenomena connected to confinement effect due
to both reinforcements and two-dimensional behaviour become relevant and material
non-linearities are particularly uncertain.

A second parameter which plays an important role in governing the numerical
results is the shear retention factor b.

The factor b is the ratio between the shear modulus G in cracked and uncracked
state. High values of b (0.2 < b < 0.5) imply big hysteresis cycles, whereas low values
(b < 0.15) give rise to “slimmer” curves and low levels of dissipated energy. Parameter
b can be variable according to the strain level, but it has been kept constant in this work
in order to compare software B and C results more accurately.

5 Conclusions

The present work has analysed the uncertainties of the outcome of different non-linear
analysis of reinforced concrete shear walls subjected to horizontal cyclic loading. Two
different finite element software have been used to simulate the behaviour of two
distinct triplets of walls.

Quite good accuracy and small scattering of the results have been achieved for
cycles having a shear deformation up to 8 � 10−3, whereas for higher loading levels it
has been found a loss of accuracy of the results. Shear retention factor deeply governs
the amount of dissipated energy controlling the hysteretic behaviour.

Further development of the research will consider the influence of more FE model
parameters on the prediction of the structural response.
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Abstract. Nowadays, short-medium span steel-concrete composite I-girder
bridges (SCC) are very popular, owing to their short construction time and
reduced costs. Their limited weight makes their use adequate also for seismic
areas, even though their seismic behaviour has not been yet adequately inves-
tigated. With this aim, within the European project (SEQBRI), the seismic
behaviour of new pier-to-deck connections entailing the use of concrete
cross-beams (CCB) has been recently studied. This paper shows the results of a
comprehensive experimental investigation on this kind of connections con-
ducted with the aim of characterizing the hysteretic behaviour and calibrating a
component-based model for seismic analysis. Three different type of connection
have been tested: one designed according to the standard DIN-FB104, generally
utilized for gravity loads only, and other two, proposed for bridges located in
low and medium intensity seismic prone areas. Based on different resistant
mechanism, these latter have demonstrated a good behaviour in terms of
strength and ductility.

Keywords: Steel-concrete bridges � Concrete cross beam � Experimental tests

1 Introduction

Steel-concrete composite solution is attractive for small and medium span bridges and
competitive with respect to pre-stressed bridges. This is mainly due to a low dead
weight and fast construction on site.

For continuous bridges, the composite solution presents some problems due to the
inversion of the bendingmoment; as well known, hogging bendingmoment at the supports
causes excessive tensile stress in the concrete slab and excessive compression at the bottom
flange of the steel girder resulting in a concrete cracking and instability of the steel girder.

An alternative solution for composite bridges entails the adoption of a concrete
crossbeam (CCB) connected to the steel girders by shear studs.

This paper deals with a comprehensive experimental investigation on different
typologies of pier-to-deck connection. In particular, three different type of connection
are tested: the first one designed according to the standard DIN-FB104 (2009), gen-
erally utilized for gravity loads only, and the other two proposed for bridges located in
low and medium intensity seismic prone areas.
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Specimens in scale 1:2 of a selected subassembly have been subjected to longi-
tudinal imposed cyclic displacement histories with the aim at characterizing the hys-
teretic behaviour and to further calibrate a novel component-based model for the
seismic analysis of steel composite bridges endowed with CCBs (Paolacci et al. 2014).

2 Steel Concrete Composite Bridge with High Strength Steel
and Concrete Cross Beam

2.1 Conceptual Design and Static Behaviour

The main girders are welded or rolled steel cross-sections completely prefabricated in
the shop. The typical reinforced concrete deck consists of partially prefabricated ele-
ments and additional in-situ concrete. Only crossbeams at supports are used and these
beams are normal reinforced concrete members. This solution allows a simple erection
to minimize or eliminate welding or bolting on side. The reinforced concrete cross-
beams over intermediate supports of multiple span bridges may be designed as splices
of longitudinal girders. Continuity is achieved by the use of vertical end plates and
additional reinforcing bars in the deck slab.

During concreting, loads due to the dead weight of steel girders, formwork and wet
concrete are carried by simply supported beams. After the concrete has hardened,
moment resistance is provided at splices and subsequent loads are supported by con-
tinuous girders. Thus hogging bending is produced at supports only by super-imposed
dead loads and variable actions.

Type A

Type B

Type C 

Fig. 1. DIN Fachberichte 104 Concrete Cross Beam variants
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Different types of CCB configurations have been applied in several occasions
(Hanswille, 2007). Many of them are variants of the three typical configurations, which
are presented at the DIN Fachberichte 104 (2009) (Fig. 1).

For each type of the DIN Fachberichte 104 (2009), the steel girder ends to a head
plate along the whole height of the cross section and the bottom flange of the girder
continues inside the CCB.

The predominant (usually tensile) forces at the top flange are transferred through
the shear studs to the slab, whereas the corresponding compression through the contact
between the two opposite bottom steel flanges (types A and B) or through concrete
compression (type C). On the other hand, if tensile forces is developed at the bottom
flange, these should be transferred through the welded connection between the flanges’
extensions (type A and B) or vertical shear studs (type C for the intermediate CCBs and
all types for the edge CCBs). The shear forces are typically transferred through shear
studs placed on the head plates, aligned to the bridge axis (types A and C). Alterna-
tively, in type B, the web is also inserted into the CCB and transversally aligned shear
studs transfer the shear forces. These configurations are proposed by the DIN FB in
order to manage mainly vertical actions (i.e. dead and live loads), which produces
negative moments and consequently tensile forces at the concrete slab and the top steel
flange as well as compressive forces at the bottom flange.

For bridges subjected to seismic actions, significant tensile forces might be
exhibited at the bottom flange of the steel girder, especially when monolithic con-
nection between CCB and pier is formed. Considering that the CCB configuration is
the most crucial detail, especially for composite bridges in seismic areas, and taking
into account the aforementioned discussion, the widely used DIN FB type C is chosen
to be analytically and experimentally investigated.

Though, trying to exploit the advantages and avoid the disadvantages of the pre-
vious three configurations, new variants are designed and investigated, especially for
the most critical intermediate CCB. The new configurations of the intermediate CCB
are closer to the DIN-FB-104 variant B, however the bottom flange of the steel girder is
not inserted into the CCB and the height of the head plate is limited (Fig. 2). The idea
is to transfer the forces from the composite girder to the CCB through contact and
dedicated groups of shear studs. The tensile force at the top flange is transferred
gradually to the longitudinal reinforcement (or reversely a potential compression force
to the concrete slab) through a group of vertical studs, which are placed on the top
flange of the girder before the CCB. The top flange does not enter into the CCB. The
shear force is transferred to the CCB through a group of horizontal studs, transversally
placed at the sides of the girder’s web, which is inserted into the CCB. This group of
studs is subjected only to pure shear, action that is compatible to their actual function.
In the VAR-2 the tensile forces in the bottom flange are transferred through prestressed
bars inserted throughout holes foreseen at the web. Finally, regarding the magnitude of
the tensile stress, which might be exhibited at the bottom flange of the steel girder, the
following three cases are distinguished: (a) Bottom steel flange always in compression,
(b) Bottom flange in compression or in light tension, (c) Bottom flange in compression
or in significant tension.
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In the next section, the results a wide test campaign of these three typologies of
CCB connection will be presented and commented.

3 Design of the Experimental Campaign

3.1 Subassemblies Identification

The analysed case study is a straight 2-span deck consisting of 4 main girders HE600B
of S460 steel grade with 2.65 m in-between distance (Fig. 3).

The bridge is 40.00 m long and consists of 2 spans of 20.00 m, while the total
width of the road cross-section is 10.60 m, with carriageway 6.50 m wide and 2
sidewalks 2.05 m wide. The thickness of the concrete slab is 25 cm.

At the abutments, the steel girders are fixed to an end reinforced concrete cross-
beam 0.60 m wide. By this diaphragm, the deck is simply supported on normal
damping rubber bearings. At the intermediate pier, steel girders are fixed to an inter-
mediate reinforced concrete cross-beam 0.90 m wide. The pier (clear) height is 7.00 m.
A wall type pier 0.60 m thick and 7.00 m wide is used. It is assumed that the foun-
dation soil is categorized as type B according to EN1998 (2004). In this example the
soil structure interaction effect is neglected.

From the previously defined case studies, it has been possible to identify, by using
preliminary analysis with SAP2000, the I-girder subassemblies associated to the
Concrete Cross Beam to be tested. Particular attention was dedicated to the intercon-
nection arrangement of the steel girders with the CCBs on piers. For these reasons, the
test subassemblies for the longitudinal direction were identified on an isostatic portion

Fig. 2. CCB typologies: (a) DIN-FB-104 VAR B -, (b) Var-1, (c) Var-2
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of the bridge that includes the cross beam–deck joint. The specimen represents a stripe
of the bridge including one steel girder. The considered static scheme is that with
integral connection between CCB and pier, which represents the most critical seismic
condition. The static scheme for vertical and horizontal loads is presented in Fig. 4.

The specimen was scaled of a factor S = 2 according to the procedure proposed by
Kumar et al. (1997). In particular, it was assumed that model was made of the same
material as the prototype, and that stress identities were preserved.

Fig. 3. Longitudinal and cross section for selected case study

 
N

F/2F/2

Fig. 4. Static scheme of the testing configuration
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3.2 Description of the Specimens and Testing Program

Two specimens of type DIN-FB-104 VAR B, two specimens of type VAR-1 and four
specimens of type VAR-2 were built for the experimental campaign. Type and
denomination of the specimens are reported in Table 1. Each connections typology was
subjected to a monotonic and cyclic tests in horizontal direction.

The specimens are made of a single IPE330/S460 steel girder with its tributary
concrete slab 1.325 m wide, 12.5 cm thick and 3.5 m long and a portion of pier of
2.0 m long and 30 cm thick. All the girders are 50 cm longer than the necessary, in
order to simplify the realization of the appropriate boundary conditions in the labo-
ratory. Consequently the specimens have an overall length of 3.50 m. Finally the CCB
has a Section 45 � 70 cm.

The main results relevant to the mechanical characterization of materials are pre-
sented in Table 2.

The loading protocol for cyclic tests was chosen on the basis of the yielding
displacement ey

+ of a monotonic response, calculated as indicated in Bursi et al. (2002)
and schematically depicted in Fig. 5. In order to conveniently define the parameter ey
relevant to the yield displacement, a yield limit state characterized by the displacement
ey
+ as well as by the corresponding reaction force Py

+ must be defined. Such quantities

Table 1. Type and denomination of tests

Typology of specimen Name of test Type of test Loading direction

DIN-FB-104 VAR B FBA2 M Monotonic Horizontal
DIN-FB-104 VAR B FBA2C Cyclic Horizontal
VAR-1 D1B2 M Monotonic Horizontal
VAR-1 D1B1C Cyclic Horizontal
VAR-2 D2C1C Cyclic Horizontal
VAR-2 D2C2C Cyclic Horizontal
VAR-2 D2C4C Cyclic Horizontal
VAR-2 D2C3 M Monotonic Horizontal
VAR-2 D2C1MV Monotonic Vertical

Table 2. Mechanical properties of materials

Concrete C35/45 Steel

Rcm [MPa] 60 fy [MPa] Es [MPa] b[-]
fcm [MPa] 52 B450C-u8 527 196882 0.008
fcu [MPa] 42 B450C-u10 537 198264 0.008
ec0 [-] 0.0028 S460 M-flange 522 191650 0.006
ecu [-] 0.0067 S460 M-web 538 203735 0.004
Ecm [MPa] 36050 10.9-u16 776 203750 0.031
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have been traced on the first part of each non-linear response envelope obtained from
monotonic tests. The trilinear approximation of each curve is determined on the basis
of best-fitting and of the equivalence of the dissipated energy between the actual
non-linear response and the idealized trilinear approximation up to (emax

+ , Pmax
+ ). Hence,

the ECCS (1996) loading protocol procedure conceived for steel structure components
was applied. An example of cyclic imposed displacement is illustrated in Fig. 6 for the
specimen D1B1C.

3.3 Design of the Test Rig and Instrumentation

The test setup depicted in Fig. 7 was designed based on the results of a preliminary
finite element analysis of test specimens. In the following subsections, the test rig for
each case study is described along with the instrumentation used to acquire the
response signals.

Fig. 5. Bi and trilinear fits of a force-displacement envelope
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Fig. 6. Imposed displacement history according to the ECCS (1986) procedure (ey � 30 mm)
for the specimen D1B1C
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In this configuration the horizontal actuator is directly connected to the level arm on
the right. The setup is made of a rectangular steel frame lying in the horizontal plane,
whose elements are mutually hinged (horizontal trusses), as shown in Fig. 7.

This horizontal frame is bolted to two vertical steel beams (lever arms) linked to the
specimen, by a connection steel plate, allowing transmitting to both the sides of axial
force, shear force and bending moment. The bonding effect at the end of the reinforcing
bars is reproduced using a special clamping system.

The vertical force is transmitted through a couple of hydraulic jacks (Fig. 7),
aligned under the wall pier, placed at a mutual distance of 500 mm, in order to obtain a
uniform diffusion of the compressive force in the pier. Before positioning the specimen,
in order to allow only vertical displacements at the bottom of the pier, two couples of
horizontal trusses are assembled under the steel basement, on the top of the two load
cells placed to record the vertical load.

The instrumentation used in the longitudinal direction tests is composed by:
(a) load cells for the measurement of the vertical and horizontal loads, (b) LVDTs,
potentiometers and strain gauges for the measurements of beam-to-CCB detachment,
concrete and steel deformations, respectively, (c) linear potentiometers for the mea-
surement of the cracks opening at the top fiber of the slab, (d) internal strain gauges for
the acquisition of strain in the rebars, (e) strain gauges on the vertical steel bars for the
indirect measurement of the vertical loads, (f) wire sensors for the measurement of
horizontal displacements at the top of the specimen and at the bottom of the two lever
arms.

4 Description of the Results and Discussion

In this section the main outcomes of the experimental campaign will be presented and
commented.

Fig. 7. Lateral view of the test setup
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The testing program shown in Table 1 involves 8 specimens as described in the
previous section. According to the procedure described in Sect. 3.2, one monotonic test
is performed for each typology of CCB in order to calibrate the subsequently cyclic
tests. In particular, for the CCB typology DIN-FB-104 VAR B and VAR-1 two
specimens have been tested, the first one in monotonic conditions and the second one
under cyclic loading. VAR-2 specimens where firstly tested monotonically, then three
full cyclic tests were performed on the remaining specimens. The VAR-2 specimen
tested under monotonic condition were also tested under vertical loads to evaluate the
residual vertical load-carrying capacity. In what follows the results of both monotonic
and cyclic tests will be presented. The monotonic tests consist in a first phase in which
the vertical load is imposed. According to the preliminary analyses presented in
Sect. 3, the maximum scaled vertical load was equal to 220 kN. Subsequently, a cyclic
history was applied at the top of the specimen. In this way the control system imposed
the necessary force through the electro-mechanical actuator in order to reach time by
time the desired displacement.

Figure 8 shows the monotonic response and damage limit states for the
DIN-FB-104 VAR B and VAR-1 specimens, respectively. These tests provided indi-
cations on the damage condition with the growing of both lateral displacement and
force and allow to calibrate the cyclic test displacement history protocol. From these
tests the mean value of the yielding displacement was equal to dy = 30 mm.

Concerning the cyclic tests, even though the specimen DIN-FB-104 VAR B and
VAR-2 displayed a similar global behaviour in terms of maximum force and dis-
placement (Figs. 9 and 11) a different local behaviour was identified. In particular, the
CCB cracking was anticipated for the specimen DIN-FB-104 VAR B with respect to
VAR-2 (Fig. 12). In addition, in the case of DIN-FB-104 VAR B specimen the failure
of the CCB was anticipated with respect to VAR-2.
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Fig. 9. Damage states in the DIN-FB-104 VAR B specimen under cyclic loading condition

Fig. 10. Damage states in the VAR-1 specimen under cyclic loading condition

Fig. 11. Damage states in the VAR-2 specimen under cyclic loading condition (D2C1C)
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The presence of pre-stressing bars in the VAR-2 specimen avoided any pull-out
phenomenon in the CCB in correspondence of the bottom flange of the steel girders.
This latter was clearly present in the DIN-FB-104 VAR B and VAR-1 specimens with
an irreversible damage condition, with detachment of the steel girder from the CCB
(Fig. 13). The possibility to recover the pre-stressing level or substitute the
pre-stressing bars after a seismic event makes the VAR-2 joint superior in case of SCC
bridges located in high seismic zones.

VAR-1 solution has shown a less effective behaviour both with respect to specimen
VAR-2 and DIN-FB-104 VAR B, as shown in Fig. 10. In fact, an anticipated failure
condition of the CCBwas noticed. In addition, the longitudinal shear studs yielded earlier
than the shear studs in DIN-FB-104 VARB specimen and it is not negligible the obtained
lower strength with VAR-1 specimen both in monotonic and cyclic conditions.

A phenomenon common to all specimens is the buckling in the bottom flange of the
steel girders (Fig. 14). However, no clear indications were identified about the con-
ditions in which it develops. In fact, it depends on the level of imperfection of the steel
plates.

Fig. 12. Crack pattern in the CCB

Fig. 13. Detachment of the steel girder end plate
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In any case, a more pronounced level of buckling for both VAR-1 and DIN-FB-104
VAR B specimens was clearly noticed. This is certainly another positive aspect in
favour of VAR-2 joints. The development of cracks in the slab was instead similar for
all three CCB typologies. Values of force and displacements for each identified damage
state are reported in Table 3.

5 Identification of Damage Measures and Limit States

In this specific case the parameters selected to perform the damage analysis are: (a) the
relative joint rotation h between the steel girder end plate and the CCB, (b) the max-
imum pier drift D. The first one, whose definition is provided in Fig. 15, concerns the
girder-CCB connection, whereas the second one is relative to the slab condition. The
corresponding Damage Measures are: (a) the yielding and ultimate rotations, (b) the
crack opening and the yielding conditions of rebars of the slab. This choice derives
from the idea of having both response parameters and Damage Measures easily
measurable. In Fig. 16 the experimental moment-rotation cyclic response of the

Table 3. Damage states for the different joint typologies

Damage state DIN-FB-104
VAR B

VAR-2 VAR-2 – C1 VAR-2 C4

d(mm) F(kN) d(mm) F(kN) d(mm) F(kN) d(mm) F(kN)

Crack Slab (0.2 mm) 7 50 5 45 7.5 23 5 15
Crack Slab (0.4 mm) 22 210 15 170 22 120 10 102
Onset of Cracking in the Pier 25 220 23 212 20 200 15 150
Onset of Cracking in the CCB 30 260 49 331 40 320 50 350
Yielding of Shear Studs 64 400 60 350 - - - -
Buckling of Steel Girders 84 440 75 382 75 450 70 390
Failure of CCB 84 440 75 382 100 450 100 380

Fig. 14. Buckling phenomenon in the steel girder (VAR-1)
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pier-to-deck joint of D1B1C specimen is showed. In the same figure, the limit states
analytically defined in (Paolacci et al 2014) are also shown. In particular, the yielding
and ultimate joint rotation h are defined as the ratio between the shear stud deformation
Dx (Fig. 15), corresponding to the same limit conditions, and the length of the steel
girder end plate Dz.

Tables 4 and 5 report the mean value of the selected damage measure (DM) and
parameter (EDP) for each identified damage state evaluated from the cyclic tests both
for the CCB and Slab.

These limit conditions have been evaluated based on the results of experimental
tests executed by several authors (Viest (1956), Gattesco and Giuriano (1996), Shim
et al. (2004), Lee et al (2005)); the mean value and the dispersion of the yielding and
ultimate slip deformation of the shear studs have been evaluated, equal respectively to
5.31�10-4 and 1.1�10-2 rad; a very limited correlation between the two variables has
been found (Fig. 16).

Fig. 15. Definition of the Pier-to-Deck Joint rotation (h)

Fig. 16. Moment-Rotation of the pier-to-deck joint and comparison with damage states (green
line: yielding, red line: ultimate condition) (Color figure online)
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It can be noticed form Table 4 that the experimental results are substantially
confirmed being the mean values of the yielding and ultimate rotation equal to 2.1�10−4
and 2.0�10−2, respectively

6 Conclusions

This paper shows the results of a comprehensive experimental investigation conducted
on a new pier-to-deck connection, entailing the use of concrete cross-beams, with the
aim of characterizing its hysteretic behaviour towards longitudinal seismic actions. The
tests have been executed on a connection designed according to the DIN code and on
two variations. The cyclic tests have highlighted a good seismic behaviour of all the
connections. The DIN-FB-104 VAR B and VAR-2 displayed a similar global beha-
viour in terms of maximum force and displacement. Moreover CCB cracking and
failure was anticipated for the specimen DIN-FB-104 VAR B with respect to VAR-2.
The VAR-2 also displayed a less pronounced level of buckling respect to the
DIN-FB-104 VAR B while the pull-out phenomenon in the CCB in correspondence of
the bottom flange of the steel girders was avoided by the presence of pre-stressing bars.
The VAR-1 solution has shown a less effective behaviour in terms of both maximum
force and displacement.

Acknowledgements. This work was carried out with a financial grant from the Research Fund
for Coal and Steel of the European Community, within the SEQBRI project: “Performance-Based
Earthquake Engineering Analysis of Short- Medium Span Steel-Concrete Composite Bridges”,
Grant RFSR-CT-2012-00032.

Table 4. EDP and DM for the CCB

DM Joint rotation (h)
(mrad)

DIN-FB-104 Yielding 0.10
VAR B Ultimate 23
VAR-2 Yielding 0.25

Ultimate 20
VAR-2 Yielding 0.3

Ultimate 19

Table 5. EDP and DM for the slab

DM Drift (%)
DIN-FB-104 VAR B VAR-2 VAR-2

Crack opening 0.2 mm 0.35 0.25 0.38
Crack opening 0.4 mm 1.10 0.75 1.10
Yielding of rebars 4.50 4.50 5.0
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Abstract. After recent seismic events, the topic of seismic prevention and
mitigation in historical centres is become very important, in particular for a
seismic prone areas, like Italy, Greece, Portugal, in which a lot of historical
towns, for high quantity of old buildings and for their urban structure, suffered a
lot of damages. In the past, for this reason, the Authors described and discussed
a strategy for seismic prevention and mitigation of historical centres, analyzing
them in terms of structural safety. This approach was based on two relevant
steps: the first is to study the Urban Risk, the second is to program the
Post-Earthquake Activity. The first activity is the analysis of a complex system
aiming to individuate the nodal fragility, the second tends to evaluate the
buildings safety and the occupancy conditions for these buildings.
In this paper a particular aspect of this topic will be discussed, i.e. how

different typologies of buildings, that coexist in historical towns, could influence
the reconstruction strategy. In fact, when one thinks to an old building isn’t only
a masonry historical building, an old building could be a more recent r.c.
building designed without any seismic provisions or, as unfortunately usual,
realized with poor quality material. Considering that in recent seismic events
often this class of buildings caused a lot of damages and deaths, an efficient
procedure to approach the impact of r.c. structures on seismic prevention and
mitigation in historical centres has to be considered a fundamental goal to reach.

Keywords: AeDES classification method � Damage survey � In-situ survey
Reconstruction plans � Urban Minimum System � Urban Risk Assessment

1 Introduction

Urban seismic risk prevention deals with the effects of territorial transformation, in
order to evaluate the impact these ones may have in modifying the functions of dif-
ferent parts of a settlement. Unlike ordinary buildings, urban vulnerability depends not
only on the structure characteristics but also on the functional systems that compose a
city. Urban prevention, therefore, has a wider vision as compared to a single building
and is designed to maintain the vita settlement functions.

The key issue is to identify the essential parts of the urban structure, which must
remain operational even after the earthquake. This Urban Minimum System (UMS) is
conditioned by settlement strategic role as compared to the surrounding area and with
due consideration of the different elements that compose it. This approach, i.e. selection
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of some elements only, is justified by the fact that it is impossible to protect the entire
settlement, for reasons of costs and time. It is therefore natural to make a choice: which
structures, and to which level, to protect first. Prevention planning is based upon the need
to maintain the vital functions that make up a city. The idea of minimum urban structure
is linked to the strategic role, of the different elements, on the ordinary life of a city.

One needs to understand which are, at any given time, components of the Urban
Minimum System (UMS), with the final goal of identifying the set capable of having a
city work after an earthquake.

The Authors discussed in the past of this topic. In particular after a lot of papers
dealing with vulnerability analysis of structures and infrastructures (Nuti et al. 2001; Nuti
and Vanzi 2005; Vanzi et al. 2005; Nuti et al. 2007; Nuti et al. 2010), they focused their
attention on Urban vulnerability analysis both in structural and in urban-planning point
of view (Biondi et al. 2011; Biondi and Vanzi 2012; Sepe et al. 2016; Vanzi et al. 2016).

After the 2009 Abruzzo earthquake, they were involved, under supervision of an
Italian Government Department, in the reconstruction phases. The Abruzzo munici-
palities characteristics, with low population density and low property values, but
important historical and aesthetic values, were the focus of the public intervention policy.
In this activity the idea of the Urban Minimum System (UMS) was improved in order to
define a strategy for the reconstruction (Biondi and Vanzi 2011; Biondi et al. 2012).

The main initial choice was to co-ordinate reconstruction activities among different
towns and necessities (economic, urban, artistic, historical, structural) in a geographical
and functional coordination. The work consists mainly in preparation of reconstruction
plans and in definition of the main guidelines, together with the preparation of pilot
retrofitting projects on important structures (mainly public) having an exemplary
character. With a special view on the current regulations, the attention is focused on the
main structural design approaches, in synergy with all the other design specialties (i.e.
architectural and urban planning), in order to implement design criteria that are both
safe and respectful of history and aesthetics.

The principal goals of this past activity were to carry out a multi-disciplinary
approach considering both structural and urban-planning point of view and to test the
reliability of the post-seismic rehabilitation and seismic improvement procedure as
defined in the Italian Code.

The first procedure, capable to define the most efficient structural improvement
strategy within a urban centre, has been set up. The system (a portion of a municipality)
is modelled via its cut sets and at each element is assigned a fragility curve specifically
computed. An optimization procedure, aiming at maximizing the global system safety
and minimizing retrofitting costs, is then set up. Results clearly indicate the best
seismic retrofitting strategy.

The second aspect tends to evaluate the coherence of the damage survey obtained
by means of a simple abacus (AeDES chart) with the local earthquake effects (in terms
of maximum peak ground acceleration for example); to define a code of practice for the
assessment of historical patrimony. For this aim regional attenuation relationships
(Sabetta and Pugliese 1987; Zonno and Montaldo 2002) have to be taken into account
and to be compared with damage survey results.
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These activities pointed out a different approach regarding the old existing build-
ings. When these buildings were built with masonry, the original architectonic char-
acteristics have to be preserved. This goal is prevalent and taking into account this idea
the structural material characterization is carried out in a parametric approach according
to Seismic Code, Biondi and Vanzi (2012).

When these buildings were built with reinforced concrete, the original architectonic
characteristics have a little relevance and the preservation goal has an attenuation. So in
this case a complete and severe structural restoration has to be considered and a more
detailed characterization of structural materials has to be carried out. The in-situ
concrete strength assumes a fundamental role (Breysse et al. 2017) and these uncer-
tainties have to be taken into account in the vulnerability approach.

2 A Strategic Approach to Historical Centres

An historical centre is like a general infrastructure a complex mix of different functions;
these functions are in part in series and in part in parallel. This distinction is very
relevant.

A series system is a configuration such that, if any one of the system components
fails, the entire system fails. Conceptually, a series system is one that is as weak as its
weakest link. A parallel system is a configuration such that, as long as not all of the
system components fail, the entire system works. Conceptually, in a parallel config-
uration the total system reliability is higher than the reliability of any single system
component.

These conceptual approaches have to be redefined for the historical centres, above
all if little towns in marginal territories are considered, like those of previous Abruzzo
Region experiences. In this case historical centres show low inhabitant density, a great
part of uninhabited or partially inhabited buildings, a poor maintenance of those
buildings.

In this case is not possible to define if a building is a part of a series system or is a
part of a parallel system: probably those buildings are out of any system from the
functional point of view and it isn’t so clear how manage their failure.

On the contrary these buildings have a great value from urban point of view. They
may be particularly relevant in terms of architectural content, may be particularly
interesting in terms of touristic use, may be particularly usefulness in terms of avoiding
the soil use. Finally it could be extremely complex to individuate the owners of this
existing estate patrimony, so it could be extremely complex to characterize these
buildings in terms of fragility.

Generally these old, masonry, buildings are now uninhabited buildings without any
maintenance effort. Their inhabitants live or in a greater town or in a neighbour place of
the same town. They live in more recent, r.c.?, building that it isn’t sure that guarantee
higher structural security level.

For this complex of reasons a strategic approach to urban historical centers needs an
additional level of analysis.

In a historical center it isn’t mandatory to investigate the actual security level
according to the actual functional distribution, in a historical center could be mandatory
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to investigate how to reactivate the original use of buildings, despite of the actual
security level. Practically in a historical center the choice if restore or not a building (or
if seismically improve or not) could be devoted to urban or architectonical consider-
ations and not to economical or purely structural evaluations.

Often in the past structural difficulties caused uncorrected urban choices. For
example, if a primary school was located in an old friar building, it was difficult to
create a gymnasium in this complex. So the gym dome was built in the suburbs. Now it
is mandatory to reunify those two functions, school and sport, and surely the prevalent
issue is to rebuilt the gymnasium dome near the school and not the contrary.

Again a urban planning that provides to rearrange the residential building position
could prefer to relocate those buildings in the historical center, could prefer to restore
old existing buildings and to abandon more recent (r.c.?) buildings designed without
any seismic provisions.

For these reasons when an engineering approach to urban safety has to be carried
out for a historical (minor) center an accurate evaluation of the historical evolution of
urban pattern can be avoided.

In this case the population size trend could be a fundamental parameter. As shown
by the recent experiences in post L’Aquila Earthquake Reconstruction Planning,
population size trend is linked to damage response for historical center.

In fact population size determines both building construction and building main-
tenance. If in a certain period a town has a great population, it needs a high number of
buildings for home and service. If the same town later losses population, those
buildings will be not maintained or will be abandoned. In case of an earthquake this
town will be more fragile than another town with constant population size trend.

A comparison between population trend and post-earthquake damage survey will
be shown in following chapters.

3 Urban Risk Assessment and Reduction

A particular relevance assumes the analysis of urban seismic vulnerability; such kind of
analysis has been developed in the past by the Authors. In particular a procedure for
safety evaluation was improved for network systems like electric power, road, water,
hospital regional systems or for hospitals, bridges or strategic buildings as a single
structure, Nuti et al. (2010).

In the specific case of Urban Risk Assessment and Reduction a new system is
considered: the so-called Urban Minimum System (SUM) i.e. an urban system com-
posed of buildings, open spaces and public ways (Biondi and Vanzi 2011; Biondi et al.
2011). If this system is composed with infrastructural networks and external risks
(environmental and geological risks) it is possible to analyze a complex system. From a
mathematical point of view, considering that aleatory quantities are involved, as
structural strength, the approach has to be probabilistic; on the other hand if a Urban
Plan has to be approved, practical and operational decisions have to be assumed.

Generally when a seismic safety evaluation is carried out a procedure to maximize
safety of selected nodes and minimize economic expenses has to be constructed,
allowing identification of which components, within each part of the system, have to be
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upgraded to obtain the maximum economic convenience. In the case of a Urban
System the approach has to be revisited in order to take into account functional, and
social, role of the different part of a city.

So, as above discussed, the evaluation of urban vulnerability doesn’t only depend on
the constructive characters of each structure but it is strictly connected with city identity.
So, for example, in a historical towns isn’t only important that inhabitants will be safe
during an earthquake but it’s important that they will remain in the historical center, that
shops and public offices will be re-open, that schools will guarantee their lessons, that
monumental buildings will not damaged and touristic activity will continue.

Or it could be preferable that at the end of Reconstruction Period many people
abandon the suburbs in order to repopulate the historical center.

Again when a Urban Minimum System (UMS) is analyzed, it has to be clear that it
generally plays a fundamental role not only in municipal range but also in territorial
range. For example if some public or private services are located in every municipality
(as town office, postal service, primary school, Pharmacia or food store), other services
are territorial (as hospitals, police stations, fire departments, superior schools). This
territorial approach was deeply discussed in previous papers. In this approach attention
is paid on a smaller portion of territory: a historic centre of a little town or of a small
village with its social life and its necessity of safety. In this centre often buildings have
low maintenance, inhabitants are generally older and poor and, in some cases, the
building owners are unknown and a large part of estate patrimony is abandoned. For
these reasons fragility assumptions have to be more conservative than for similar
building that have a regular and continuative maintenance; i.e. when a fragility curve is
selected for these buildings, a more probable lack of capacity has to be assumed and
population size trend has to be kept in mind.

The logical scheme for an Urban Minimum System is shown in Fig. 1(a). This
scheme, for Montebello di Bertona (Vanzi et al. 2016), is composed of four
sub-systems (strategic buildings, open spaces, external risks, public ways) arranged in
series; each of these sub-system is arranged in series too.

When a system is arranged in series it means that each element has to be safe if
global safety has to be preserved, Fig. 1(b). So if a strategic building is considered, for
example a primary school, it is safe if open spaces near the school are accessible, if
electric power is at disposal, if water network is operative, if eventual ground sliding
remains in a quiescent stage, if public ways preserve their accessibility to the entire
community and, above all, by ambulances or civil protection and fire trucks.

On the other hand when an element class shows some redundancy, the component
can be assumed as arranged in parallel. So if the same primary school can be reached by
means of two different road ways, these two ways are in parallel and one of these can
collapse if the other remains full efficient. In order to guarantee this equilibrium a
probabilistic approach has to be carried out. Fragility curves of each component have to
be selected, fragility behavior of the system has to be defined via Montecarlo and target
safety level has to be selected. That it is with drastic decisions too: if a building can
collapse on an important way, it would be better if the building could be demolished. Any
macro sub-system has to be in series with the others while a punctual analysis permits to
decide what element of the sub-system is in series and what in parallel, Fig. 1(c).
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In previous papers the case of Montebello di Bertona was discussed basing on both
sub-systems and components arrangement (in series or parallel).

The fragility curves for the studyUrbanMinimumSystemare shown inFig. 2.Almost
40 elements are considered and red thick line is the actual fragility curve of the system. It is
possible to note that actual failure probability is PF = 50% forMMI � 5,70, i.e. this little
town is toomuch fragile on respect to its local seismicity.A retrofitting procedure has to be

(a)

(b)

Fig. 1. Logical schemes for Montebello di Bertona Urban Minimum System with different
hypothesys for sub-systems
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carried out in order to obtain an acceptable Security Level. Considering the nature of
a historical town with masonry building as a prevalent building typology, a MMI = 10
level can be assumed as acceptable Risk Level target.

It is possible to study the MMI failure level for each component at every retrofitting
step procedure, Fig. 3, and it is possible to note that system fragility depends mostly on
a few number of components that show high fragility levels. It is a priority to retrofit
these elements in order to obtain an improvement of system behavior i.e. in order to
obtain an acceptable Security Level.

(c)

Fig. 1. (continued)

Fig. 2. Fragility curves for Montebello di Bertona Urban Minimum System (Color figure
online)
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If a retrofitting procedure is carried out, it is possible obtain that, in about 40 steps
of a single element independent improvements. In Fig. 4 cumulative PF average value
for each component at every retrofitting step procedure is shown.

It is possible to note that at the end of those 40 steps the average failure probability
(PF = 50%) reaches a more acceptable value: MMI � 10,20.

An important safety gain for the Urban System due to the retrofitting of some
particular elements.

In Fig. 5 the MMI failure intensity level for each component for the most relevant
retrofitting steps is shown while in Fig. 6 the cumulative PF average value for each
component for the most relevant retrofitting steps is depicted. It is possible to note that
the retrofitting of some particular elements (i.e. some particular retrofitting steps) have
a greater influence on system security level.

Fig. 3. MMI failure intensity level for each component at every retrofitting step procedure
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Fig. 4. Cumulative PF average value for each component at every retrofitting step procedure

Fig. 5. MMI failure intensity level for each component for the most relevant retrofitting steps
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3.1 Post-earthquake Safety Survey: The Case of 2009 L’Aquila
Earthquake

As discussed in previous papers the Post-Earthquake Building Safety Survey and
Occupancy Evaluation after the 2009 L’Aquila Earthquake represented a good occasion
to test the coherency of proposed Urban Minimum System (UMS) procedure.

In fact after the Main-Shock, a lot of professional teams, composed by structural
engineers and architects, are created in order to evaluate structural damages and to report
occupancy situation in each town. This judgment was obtained by means of a simple
abacus (AeDES chart) that considers few parameters in order to evaluate structural
damage. After a review of general data (location, construction type, age, height and plan
area, occupancy type) a risk evaluation is carried out in terms of structural, non struc-
tural, external and geotechnical risks, Fig. 7. In terms of structural configuration both
masonry buildings and framed (r.c. or steel) buildings are considered in the AeDES
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Fig. 7. Risk evaluation (left) and occupancy judgment (right) in the AeDES chart
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Fig. 8. Damage survey plans for Civitella Casanova, Montebello di Bertona e Ofena (Color
figure online)
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chart. Structural (on vertical and horizontal elements) and non-structural damages have
to be combined in order to obtain the occupancy judgment finally.

Six categories of occupancy judgment can be selected: -A- immediate occupancy
without temporary measures, -B- immediate occupancy with temporary measures,
-C- partial unoccupancy due to damage, -D- partial unoccupancy due to insufficient
structural information, -E- full unoccupancy for building strong damage or collapse, -F-
full unoccupancy for external risk.

Basing on this data base, damage survey plans have been drawn for different little
historical centers, Fig. 8, (red buildings are those whit E occupancy judgments).

In Fig. 9 cumulative frequencies of these different occupancy judgments (A-B-C-
D-E-F) are shown. These frequencies are collected considering, for every town, the
ratio between the number of building having an occupancy judgment to the total of
buildings (up) or the same ratio if the gross area of each building is considered (down).

Fig. 9. Cumulative frequencies of building number (up) or building gross area (down) for
different occupancy judgments (A-B-C-D-E-F)
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As previously discussed (Biondi et al. 2012; Biondi and Vanzi 2012), in order to
evaluate the AeDES Chart availability the ratio SaBV=SLD (1) between the maximum
local peak ground acceleration estimated via the original Biondi-Vanzi attenuation
relationship, ajBV ¼ ag=g

�
�
BV , and the design peak ground acceleration at SLD limit

state as determined for each site, ajdSLD ¼ ag=g
�
�
dSLD, is considered.

SaBV=SLD ¼ ag=g
�
�
BV

ag=g
�
�
dðSLDÞ

ð1Þ

It was possible to note a good fitting, in terms of increasing E frequency, between
AeDES Chart responses and spectral ratio defined in (1). In fact Ofena showed the
highest ratio SaBV/SLD and it suffered an high level of damage (the second place in terms
of E judgment).

Fig. 10. Population size trend according to official census
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So the AeDES Chart approach can be assumed as both a good operative procedure
in post-earthquake activity and a good basis for Urban Minimum System (UMS) pro-
cedure in order to calibrate actual fragility. On the other hand, historical center that
suffered highest level of damage (the first place in terms of E judgment) was Biondi
et al. (2012), despite a medium spectral ratio SaBV/SLD. Brittoli spectral ratio in fact was
similar to Civitella Casanova ratio while Brittoli population size trend showed a greater
population loss than Civitella Casanova, Fig. 10. For these reasons the highest level of
damage in Brittoli could be expected: a Urban Minimum System (UMS) procedure
approach has to take into account population size trend (or another building mainte-
nance parameter) in order to define building fragility.

4 Impact of R.C. Structures

In order to define hypotheses for fragility curves of structures selected in an Urban
Minimum System (UMS) procedure, both structural behavior of buildings and retro-
fitting activities according to Seismic Code have to be kept in mind.

In Biondi and Vanzi (2012) a so-called Code Flow-Chart was presented and dis-
cussed for old masonry building according to 2008 Italian Code Chap. 8.

This Flow-Chart focused its attention on stiffness (elastic modulus) and strength
(compressive) values derived from Code provisions, structural Model, Sectional
analysis and material Tests, respectively C, M, S and T in (2) and (3).

Ed XC;XT ; rð Þ ¼ EmðXTÞ � g0ðrÞ � g2ðXCÞ ð2Þ

Error! ð3Þ

For masonry design values, d, can be defined basing on average test values, m, and
using different Code parameters, 1, 2, 3. For r.c. structures the procedure is quite
different and a little bit complicated.

First of all (2) and (3) relationships have to be defined for two different compo-
nents: concrete and steel. But steel characteristics are stable and depending only on
steel class (FeB24k, FeB38k … and so on according Italian Code). So this dependence
isn’t very relevant.

A second aspect is more significant: for an r.c. structure both regularity in structural
arrangement and non structural element behavior can influence global response and define
structural fragility. On this regard experiences of recent earthquakes show how r.c.
structures designed without or with older seismic provisions behave worse than old
masonry buildings.

For these reasons, more conservative hypotheses have to be taken into account if an
Urban Minimum System (UMS) procedure is carried out considering the r.c. structures
impact too.
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5 Conclusions

The paper shows a system reliability model to assess the seismic safety of a whole
historical centre. Applications are given for typical Italian cases, making reference to
Abruzzo, which has been recently hit by the major L’Aquila earthquake. The whole
system is simplified using the Urban Minimum Structure concept, which is excerpted
from town planning sciences, and adapted to structural engineering.

It is shown that a sensible prioritization and model optimization, even for a com-
plex system like an historical center, is feasible; the results allow to give a clear
indication of the system component to retrofit first. So retrofitting process has to be well
calibrated and fragility hypotheses have to be selected according to actual situation that
depends on both local seismicity and building maintenance. The first could be evalu-
ated basing a post-earthquake survey, the second keeping in mind population size trend
in the past.
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Abstract. Recently, as a result of seismic events occurrences in Italy, building
safety has become a topic of considerable interest. Most of existing reinforced
concrete frame buildings designed for vertical loads only andwithout construction
details, which guarantee ductility and dissipative capacity. Then it is necessary to
develop a reliable and practical analysis procedure for professional use.
This is confirmed by intense research activities to identify the capacity and the

safety level of existing structures. Between existing approaches, the Incremental
Dynamic Analysis (IDA) is considered to be one of the most accurate methods
to estimate the seismic demand and capacity of structures. However the exe-
cutions of many nonlinear response history analyses (NL_RHA) are required,
therefore approaches non-linear static analyses based are studying to aim less
onerous methods. The research discussed in this paper deals with the proposal of
an efficient Incremental Modal Pushover Analysis (IMPA) to obtain capacity
curves by replacing the nonlinear response history analysis of the IDA proce-
dure with Modal Pushover Analysis (MPA). Finally, these approaches were
applied to an existing case study that is a concrete framed building of strategic
relevance.

Keywords: Modal Pushover Analysis
Existing irregular framed building � Capacity curve

1 Introduction

Recently, as a result of seismic events occurrences in Italy, building safety has become
a topic of considerable interest. Therefore, the development of fast and reliable analysis
procedures determining the safety level of existing structures has become essential.
Incremental dynamic analysis (IDA) is a method for estimating the seismic response
and capacity of structures over the entire range of structural responses, from elastic
behavior to global dynamic instability. The most accurate way to compute the seismic
demands of a structure under a given seismic action is to carry out a nonlinear response
history analysis (NL_RHA) on a detailed three-dimensional (3D) mathematical model
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of the structure. IDA requires the execution of NL_RHA for an ensemble of ground
motions, each scaled for various intensity levels, selected to cover a wide range of
structural responses, from elastic behavior to global instability. From the results of this
computation, it is possible to determine the structural capacities corresponding to the
various limit states (Vamvatsikos 2002; Vamvatsikos and Cornell 2002).

However, IDA is onerous for practicing engineers since it requires an intensive
computation of many NL_RHAs (Vamvatisikos and Cornell 2005); recognizing that
IDA of practical structures is computationally extremely demanding, even the devel-
opers of IDA have devised a simplified, approximate method (Fajfar 2000).

Hence, Nonlinear Static Procedures (NSPs) attract the attention of both practicing
engineers and the research community since it is more practical and of faster imple-
mentation. Different NSPs have been developed and used for their conceptual sim-
plicity, computational attractiveness and capability of providing satisfactory predictions
of the building’s seismic response: the N2 method (Freeman 1998), the Capacity
Spectrum Method (CSM) (Casarotti et al. 2007), the Adaptive Capacity Spectrum
Method (ACSM) (Chopra and Goel 2002), and the Coefficient Method of Displacement
Modification (Goel and Chopra 2004), etc. Among the current nonlinear static analysis
methods, Modal Pushover Analysis (MPA) was developed by Chopra and Goel (2002)
to take into account the higher mode contributions to the total response; later, Goel and
Chopra (2004), Chopra and Chintanapakdee (2004) reported that MPA yields better
results compared to a traditional pushover analysis. However, most of the researches
dealing with nonlinear static analysis procedures are limited to planar structures.

Presently a focus on existing buildings, having a remarkable architectural and
structural complexity, showed the importance of extending NSP to the entirety of the
3D structure to examine the 3D effects of irregularities, and the relevance of the control
point position (both in plan and elevation).

The simplified IDA previously cited (Vamvatsikos and Cornell 2002), requires to
replace NL_RHA with NSP to evaluate seismic demand, for each given seismic
intensity level, reducing the computational effort required for the standard IDA: it
requires performing several pushover analysis with different load distribution in order
to select the most conservative one and, moreover, estimating the elastic stiffness of the
SDF system from the IDA curve.

The aim of this paper is to develop the opportunity of an approximate IDA pro-
cedure based on MPA realized by Han and Chopra (2006), proposing a procedure
named Incremental Modal Pushover Analysis (IMPA), for the analysis of complex 3D
structures and in particular concrete frame structures. The novelty of this approach is in
the evaluation of a multimodal performance point in terms of displacement and base
shear and therefore in the evaluation of a capacity curve than can replace the standard
capacity curve from pushover, already introduced in previous papers of Bergami et al.
(2015a, b).

The capacity curve obtained defines the relationship between the base shear and top
displacement of the building and can be used to evaluate seismic performance: this is a
novelty in fact MPA has been developed and applied to determine structural response
in terms of displacements and drift distribution. Is opinion of the authors that the
evaluation of global forces and displacement is an important information dealing with
retrofitting of existing structures, for example with additional energy dissipation
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devices (Bergami and Nuti 2013, 2014), as long as foundations are usually barely to be
characterized and therefore the designer needs to evaluate if the global actions can be
supported and if the retrofitting process reduces or not e.g. the base shear.

Therefore IMPA is a proposal of a new approach to be used as standard pushover
procedures as commonly used. In the following report, first the MPA is discussed and
than, an existing building, presenting both vertical and plan irregularities, was selected
as a case study to verify whether the MPA procedure for asymmetric structures could
be successful, even in the case of very complex irregular conditions and develop the
building’s capacity curve through IMPA.

2 Incremental Modal Pushover Analysis (IMPA)

The IMPA procedure to determine the capacity curves uses MPA procedures rather
than NL_RHA to estimate seismic demands for each intensity level of earthquake
motions. The MPA procedure is described in a convenient step-by-step form (Chopra
and Goel 2002).

The incremental modal pushover analysis (IMPA) proposed is a pushover based
procedure that requires the execution of MPA and an evaluation of structural perfor-
mance within a range of different seismic actions and intensity. Data resulting from
MPA application within an identified range of seismic intensity provides all information
necessary to estimate the seismic response from different intensity levels. Differently
fromMPA, this approach is finalized to develop a multimodal capacity curve in terms of
base shear and top displacement: the MPA has been developed and used to analyze
displacements and drifts distribution. Therefore, dealing with MPA, the evaluation of
drifts has to be related with other damage index in order to evaluate the structural
performance. With IMPA the author’s want to develop a new pushover procedure useful
for the same targets of other pushover methods but more suitable for buildings sensitive
to higher order modes. For each seismic intensity level, the corresponding Performance
Point (P.P.) for the multi-degree-of-freedom (MDOF) system, in terms of roof dis-
placement and corresponding base shear, can be obtained by combining the P.
P. determined through the application of many different procedures: in this paper the
Capacity Spectrum Method (CSM) has been used but other approaches could be eval-
uated if considered more suitable. Therefore, according to the procedure selected to be
applied for each significant mode: the P.Ps will be combined through the Square Root of
the Sum of Squares (SRSS) rule. It is thus possible to obtain a range of multimodal
performance points (P.P.mm), each one corresponding to a specific seismic intensity
level: CSM (or other approaches as well) are applied using Response Spectrums (RS) for
all the intensity level considered (the RS will be scaled up to obtain a range of intensities
such as in IDA with the time histories) By connecting all the P.P.mm, a curve can be
obtained: this curve is called the “Multimodal Capacity Curve” (MCC). The detailed
step-by-step implementation of the IMPA procedure is presented below:

1. Compute the natural frequencies, wn and modes, un for the linear elastic vibration of
the building;

2. Select the ground motions and the RS for a range of intensity levels;
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3. For the intensity level i, represented by Peak Ground motion Acceleration (PGA),
CSM is adopted to find the P.P. for the predominate modes: for the nth mode,
transform the capacity curve, which is defined in terms of base shear and roof
displacement, into a capacity spectrum and transform the RS into an Acceleration
Displacement Response spectrum (ADRS) format, and plot them on the same chart.
Their intersection is taken as the P.P., as shown in Fig. 1(a). Obtain the corre-
sponding P.P. from the capacity curve, as shown in Fig. 1(b). It is important to note
that, for the nth mode, if the structure enters a nonlinear plastic stage, then the
demand spectrum should be reduced by the spectral reduction factor which depends
on the effective viscous damping of structure nni:

nni ¼ n0 þ k
1
4p

Edni

ES0ni
¼ n0 þ kneqni ð1Þ

Fig. 1. Evaluation of the performance points (P.P.) for each capacity curve that belongs to the
pushover analysis with the selected load distributions: proportional to Mode1…Mode n. (a) for
each capacity curve the P.P. is determined via C.S.M. (b) P.P. can be plotted in the V-U plane
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where nni is the effective damping for nth mode, n0 is the inherent damping of the
elastic structure, about 5% for reinforced concrete structures; Edni is the energy
dissipated in an ideal hysteretic cycle, which corresponds to the area enclosed by the
hysteresis loop; Es0ni is the maximum strain energy dissipated by the structure
corresponding to the area of the hatched triangle. The term k is the damping
modification factor that is an adjustment factor to approximately account for
changes in hysteretic behavior in reinforced concrete structures.

4. Determine multimodal performance point (P.P.mm) in terms of multimodal base
shear Vbmmi and multimodal roof displacement urmmi.
The value of the roof displacement of the selected control point is determined, for
each level of earthquake intensity considered, by combining the modal displace-
ments of the control point urni using the SRSS rule.

urmmi ¼
X

n

u2rni

 !1=2
0

@

1

A ð2Þ

Instead for the considered earthquake intensity level, to derive the base shear, the
procedure adopted follows:
(a) if the structure remains elastic the value of the base shear of the structure is

determined using the same procedure;

Vbmmi;el ¼
X

n

V2
bni

 !1=2
0
@

1
A ð3Þ

(b) if the structure enters the inelastic range a different procedure is used:

step (1) the total value of the plastic hinge rotation, hcb at column end of the
first level is estimated as the SRSS combination of the values hcbi obtained
with the pushovers with each modal load distribution.
step (2) the corresponding bending moments in the columns are estimated
through the relevant moment-rotation diagram at the value of the plastic
hinge rotation calculated from the SRSS combination.
step (3) shears in the columns are calculated using the corrected bending
moments, and the base shear is calculated as the sum of the column shears.

Vbmmi;y ¼ VðhcbÞ; hcb ¼
X

n

h2
cbi

 !1=2

ð4Þ

5. Repeat steps 2–4 for as many intensity levels needed to form the IMPA curve, as
shown in Fig. 2 where P.P. are the performance points obtained with a lateral load
distribution proportional to modal shape 1, …, n.; according to MPA approach the
multimodal performance point (P.P.mm) can be obtained to trace the multimodal
capacity curve (MCC).
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3 Case Study

3.1 Building Description

The building used as a case study is an existing nine story RC framed building located
in Italy, designed for gravity loads only and built in the 1970s. Details of this building
are available elsewhere (Bergami et al.), however the building consists of a ground
floor, an eight-story elevation and a roof terrace: finite element model of existing
framed building is shown in Fig. 3.

From a structural point of view, the plan is an irregular polygon where the resistant
elements are distributed unevenly: the concentration on one side of shear walls and the
one way beam orientation cause a strong irregularity.

Fig. 2. Construction multimodal capacity curve (MCC) from the IMPA procedure. By applying
the SRSS rule with the P.P. obtained with each load distribution (Mode1…Mode n) and for each
intensity level (the response spectrum is scaled from lower to higher intensity levels) the MCC)
can be obtained.

Fig. 3. Finite element model of existing framed building
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3.2 Seismic Input

In this study, the seismic action is defined using both the elastic response spectrum
according to NTC’08 and a set of 7 natural time histories. In both cases, seismic action
is described by two orthogonal components assumed as being independent and rep-
resented by the same response spectrum or by time history; the vertical component of
the seismic action has been ignored.

Seismic action details are available elsewhere (Bergami et al.), nevertheless in
agreement with NTC’08, seismic action has been defined according to the site and
return period detected: the return period depends on the limit state and the category of
the existing building. The life safety (SLV) limit state has been adopted.

According to the elastic response spectrum, a set of 7 natural time histories are
defined using Rexel software (Iervolino et al. 2010). In Fig. 4, the elastic response
spectrum defined by NTC’08 is shown with the response spectrum of each time history
record (RS record a-b-c-4-d-e-l).

4 Results

Modal analysis is employed to identify the dynamic behavior of the existing structure
and investigate the relevance of higher modes (Fig. 5). In this paper only the Y
direction will be discussed; along Y the first, fourth and seventh modes exhibit more
than 78% of the participation mass and therefore these modes will be considered in the
IMPA.

Fig. 4. Response spectra of the code-compliant set of Time Histories: RS record a…RS record l
are the selected ground motion records, NTC’08 is the response spectra according to the Italian
technical code for a returning period of TR = 949 years.
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Figure 6a shows the performance point (P.P.) obtained with the CSM for each one
of the capacity curves obtained applying a pushover analysis with a load distribution
proportional to the three modal shapes considered. The demand spectrum used has
obtained according to NTC’08 (PGA = 0.25g). The structure enters in the nonlinear
state for the first mode, and linear elastic state for fourth and seventh mode. According
to CSM, when structure enters nonlinear plastic stage, and the spectral reduction factor
depends on the effective viscous damping of equivalent Single Degree of Freedom
(SDOF) system ni.

By repeating this procedure for other intensity levels the Multimodal Capacity
Curve (MCC) has been obtained. By combining the responses considering a range of
intensity levels through SRSS rule, both for roof displacements and base shear are

Fig. 5. Modal shapes: main three modes in terms of participation mass along Y.

Fig. 6. (a) Evaluation of the P.P. with CSM: in the plot there is the elastic Response spectrum f
= 5% (P.P. for Mode 4 and Mode 7 are in the elastic range) and the Response spectrum reduced
according to a damping of f = 23% (23% is the equivalent viscous damping at the P.P. for Mode
1), (b) Construction of MCC from the IMPA procedure. The P.P.mm is obtained by applying
SRSS rule with the P.P. obtained from single mode pushover (Mode 1, 4, 7).
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determined. Responses are obtained applying CSM on capacity curves obtained con-
sidering each modal shape and the response spectrum is scaled from PGA = 0.05g to
PGA = 0.30g so for each intensity level an SRSS combined P.P. (P.P.mm) is obtained.
Connecting this sequence of P.P. the multimodal capacity curve (MCC) can be defined
(Fig. 6b).

Figure 7 shows the capacity curves obtained with a standard pushover (load profile
proportional to Mode 1: Push-Mode 1) or performing IMPA (connecting the P.P.mm)
and NL_RHA (in the plot named IDA-Umax-Vmax); we underline that maximum
displacements and maximum base shear from a NL_RHA are not contemporary,
therefore this curve can be considered the upper bond of the capacity curve (any other
pushover based curve will be lower).

Comparing IMPA to standard single mode pushover curve we can observe an
increase of base shear that makes the capacity curve from IMPA stiffer than Push-Mode
1, and closer to the IDA curve.

The capacity curves are almost the same, it is also another indication that the pure
translation along this direction. When the structure enters into inelastic state, IMPA
would underestimate the base shear compared to IDA.

If we compare IMPA and IDA procedures in terms of Intensity Measure (IM), as a
Peak Ground Acceleration (PGA) or Spectral Acceleration at the structure’s first mode
period (Sa(T1, 5%)), and Damage Measure (DM), as maximum interstory drift or
maximum roof displacement, the incremental curves are evidently closer.

Figure 8a shows the incremental curves obtained with performing IMPA (con-
necting the P.P.mm in terms of top displacement and PGA) and NL_RHA (in the plot
named IDA-Umax, PGA). IDA curve and IMPA curve have almost the same values.

Fig. 7. Capacity curves obtained from different methods: the standard pushover analysis along
Y (for the predominate mode), IMPA method and IDA method.
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Figure 8b shows, in the same way, the incremental curves obtained with performing
IMPA (connecting the P.P.mm in terms of maximum interstory drift and Sa) and
NL_RHA (in the plot named IDA-Driftmax, Sa). The incremental curves, IDA and
IMPA, are very close: IMPA method overestimates slightly maximum interstory drift
values.

The structural behavior obtained from two methods is showed on Fig. 9, the story
mechanism of deformation is the same of all PGA’s values. However, IMPA method
overestimates maximum interstory drift for the story levels lower and underestimates
them for the story levels higher.

Fig. 8. Incremental curves obtained from two methods: IMPA method and IDA method, (a) in
terms of Peak Ground Acceleration (PGA) and maximum top displacement (b) in terms of “first
mode” spectral acceleration (Sa(T1, 5%)) and maximum interstory drift.

Fig. 9. Structural behavior obtained from IMPA method and IDA method.
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5 Conclusion

This work proposes a non linear static procedure to evaluate the seismic capacity of
buildings that are sensitive to higher modes. The procedure, named Incremental Modal
Pushover Analysis (IMPA), is proposed as an alternative to the non linear Incremental
Dynamic Analysis (IDA).

It is well known that IDA implies the execution of many non linear response
histories that entail complex and intense computational activity (in this case we used a
PC-Intel® Core™ i7-4770 CPU @ 3.40 GHz for 52 h of analysis): non linear dynamic
analysis (NL_RHA) requires the preliminary definition of a set of time histories and the
execution of the analysis, does not give an immediate and univocal interpretation of
results. In fact the IDA curve, which represents the structure’s non linear response to
each of the selected and scaled time histories, can be realized with different approaches:
maximum displacement and maximum base shear, maximum displacement and cor-
responding base shear, or maximum base shear and corresponding displacement, etc.
Therefore, considering that the non linear dynamic analyses are of difficult execution, a
simpler approach such as IMPA may constitute a valid alternative, especially for
professional use.

IMPA is performed based on the well known modal pushover analysis
(MPA) (Chopra and Goel 2002) but its objective is to obtain a capacity curve (the
capacity curve is commonly obtained with a standard pushover analysis) also con-
sidering the effect of higher modes: this approach widens applicability range of the non
linear static analysis to include irregular and high rise buildings.

In IMPA the MPA is used to estimate the seismic demand and capacity of struc-
tures over the entire range of structural responses: the demand curve (the response
spectrum) is scaled from lower to higher intensity values starting from the definition of
a design response spectrum. Using the capacity spectrum method (CSM), for each
single mode, and than the combination rule SRSS, a multimodal performance point (P.
P.mm) can be defined for each intensity level: the multimodal capacity curve (MCC) is
the conjunction of all the multimodal performance points obtained.

The approach was tested by applying it to an existing irregular mid-rise building,
therefore IMPA is suggested to predict the capacity of structures and, in particular, in
case of structures sensitive to higher modes. Finally, comparing results in terms of base
shear-top displacement between IDA, standard pushover and IMPA, the effectiveness
of IMPA has been demonstrated: the multimodal capacity curve obtained with IMPA
results closer to the IDA curve. IMPA’s effectiveness is sensitive to the PGA (the
distance between IMPA and IDA increases with PGA). Both IMPA and IDA curves
show a hardening behaviour, with IDA resulting stiffer in the plastic range, while the
pushover curve is mostly elasto-plastic. However, for the pure translation direction,
standard pushover underestimates base shear with an error of 28%, the IMPA under-
estimates base shear with an error of 13%.

Therefore this procedure can be considered a valid tool for professional use to
estimate the capacity of structures even for non regular and high rise structures.
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Abstract. This paper investigates local problems involved in the transfer mech‐
anisms of inertia forces acting at the level of the concrete slab of typical steel-
concrete composite bridge decks. In detail, the behaviour of the shear connection,
usually designed with only reference to non-seismic loads at the ultimate limit
state, is studied considering shear forces descending from both horizontal and
transverse seismic actions. Some results concerning twin-girder steel-concrete
composite bridge decks characterised by different static schemes are presented
and the distribution of longitudinal and transverse forces acting on the shear
connection is discussed. First results demonstrate the significance of properly
considering seismic induced forces in the design of the steel-concrete shear
connection and support the need of further investigations.

Keywords: Bridges · Local problems · Seismic design · Shear connection
Steel-concrete composite decks

1 Introduction

Steel-concrete composite bridges represent a very common, economical, and efficient
structural solution, especially for short and medium span lengths (Collings 2005). These
bridges are generally constituted by a continuous steel-concrete composite deck
supported by reinforced concrete piers (Itani et al. 2004), the latter usually providing
the main seismic energy dissipation source, unless the seismic isolation technique is
adopted.

In bridges with dissipative piers, a restraint is often introduced at the abutments in
the transverse direction in order to reduce deck bending and avoid expensive bidirec‐
tional joints. The rigid connection between the deck and the abutments can be established
by means of fixed bearings, steel-plate stoppers, or special links restraining the trans‐
verse displacements (EC8 2006). In this case, a “dual load path” transverse behaviour
has been observed by Calvi (2004) and by Tubaldi et al. (2010), characterised by the
following two different mechanisms resisting the earthquake-induced inertia forces: (i)
the inelastic load path constituted by the piers, designed to yield and dissipate energy;
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and (ii) the elastic load path formed by the deck and the abutments, designed to remain
elastic according to capacity design principles (EC8 2006). The seismic response of
steel-concrete composite bridges with dual load paths presents several elements of
interest since the elastic load path (involving the deck) may become important,
depending on the ratio of the deck-to-piers stiffness. Consequently, this bridge typology
is very sensitive to earthquake loading with likelihood of damage to various components
laying in the seismic load paths. Extensive damage con occur not only in the substruc‐
tures, which can be designed to yield and dissipate the seismic energy, but also in the
components of the superstructure (steel-concrete composite deck and bearings),
involved in carrying the seismic loads. Above issues are the basis for the interpretation
of the unsatisfactory seismic behaviour of several bridges in recent earthquakes
(Astaneh-Asl et al. 1994; Itani et al. 2004; Kawashima 2010).

Multiple failure states must be generally considered in analysing steel-concrete
composite bridges, which involve different resisting components (the deck and the
piers). Parametric studies have been performed to investigate the seismic response of
multispan continuous steel-concrete composite bridges with dual load path as a function
of the relative deck-to-pier stiffness ratio, also considering uncertainties in seismic input
and model parameters (Tubaldi et al. 2010; Tubaldi et al. 2012). It was found that the
elastic load path (involving the deck) may assume an increasing importance, relative to
the inelastic one (involving substructures), for increasing values of the ratio of the deck
to piers stiffness. However, results have been obtained by only considering global failure
mechanisms, resulting from a cross section analysis of the deck based on the assumption
of conservation of the plain section and on the hypothesis of rigid steel-concrete connec‐
tion. The deck failure is then defined consistently with the EC8-part 2 (EC8 2006)
requirements, for which the bridge deck must remain elastic under the design earthquake,
hence it must not show “significant yielding”. Yielding of the deck for flexure within a
horizontal plane is considered to be significant if the reinforcement of the top slab of the
deck yields up to a distance from its edge equal to 10% of the top slab width, or up to
the junction of the top slab with a web, whichever is closer to the edge of the top slab.

The beam approach for the deck modelling, currently adopted in the literature on the
seismic evaluation or design of bridges, does not allow the investigation of the failures
associated to local problems involved in the transfer mechanisms of inertia forces from
the slab (where most of the bridge mass is located) to the steel components and substruc‐
tures. Actually, both diaphragms (especially the end ones) and the steel-concrete
connection deserve attention since they may undergo damage, as a consequence of
inertia forces paths. It should be remarked that the impact of diaphragms on load paths
for seismically induced loads acting on steel-concrete composite bridges has been little
investigated in the literature (Zahrai et al. 1998; Zahrai and Bruneau 1999a, 1999b)
despite many steel bridges have suffered diaphragm (cross frame) damage during recent
earthquakes (e.g. Bruneau et al. 1996; EERI 1990; EERI 1994). Analogously, local
problems involving the steel-concrete connection (currently represented by headed shear
studs) are usually disregarded in performing deck verifications at dynamic conditions.

In this paper, local problems relevant to the actual transfer mechanisms of inertia
forces from the concrete slab to the steel-components and bearings are identified with
reference to some case studies constituted by twin-girder steel-concrete composite
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bridges. Particular attention is focused on the behaviour of the shear connection, usually
designed with only reference to non-seismic loads at the Ultimate Limit State (ULS),
subjected shear forces descending from both horizontal and transverse seismic actions.
The distribution of longitudinal and transverse forces acting on the shear connection is
addressed and discussed interpreting the deck behaviour.

2 Case Studies and Modelling

2.1 Investigated Steel-Concrete Composite Bridges

The analysis of the shear connection local problems is performed with reference to some
case studies constituted by single span and two-span bridges, characterised by a twin-
girder steel-concrete composite deck. In particular, span lengths of 48 m are assumed
and the static schemes reported in Fig. 1 are considered. The deck restraints are defined
to allow free elongations at service conditions and are not modified for the dynamic
situation through the use of lock-up devices. Thus, seismic actions in the transverse
direction of the bridges are resisted by only one bearing at each support while a couple
of bearings at only one support entrusts inertia forces in the longitudinal direction. In
addition, for the sake of simplicity, the compliance of the middle supports, due to the
flexural behaviour of the pier, is neglected for the two-span bridges.

48 m

Fixed bearing

Uni-directional bearings

Bi-directional bearing

48 m 48 m

Fig. 1. Deck static schemes for single span and two-span bridges

The bridge has a composite continuous twin-girder deck constituted by a 12 m wide
slab, with mean thickness of 0.30 m, sustained by two 6 m spaced 2.4 m high steel I-
shaped girders (Fig. 2). Vertical loads for the seismic combination are about 140 kN/m,
including self-weights.
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1.0 m 1.0 m

0.8 m 0.8 m

0.8 m 0.8 m

Fig. 2. Deck cross-sections at (a) middle span and (b) at supports.

Cross beams do not directly support the concrete slab and are 6 m spaced in the
longitudinal direction, with height equal to 0.6 m and 1.4 m at mid span and at supports,
respectively. Slab reinforcement ratio is 1% for mid span cross-sections and 2% for cross-
sections at supports.

The shear connection is constituted by 180 mm high headed shear studs of diameter
ϕ22 mm, organised in 3 rows and spaced 200 mm along the beam axis. According to
the (EC4 2004), the shear capacity of the single stud is 109.5 kN.

The bridge deck is designed with respect to non-seismic actions at ULS and comply
with requirements of EC8-2 for what concerns verifications at seismic conditions.

2.2 Seismic Action

In order to emphasize effects of seismic loads, bridges are assumed to be located in a
high seismicity area characterised by a Peak Ground Acceleration (PGA) of 0.373 g,
corresponding to a probability of exceedance of 10% in 100 years, which is assumed to
be the bridges service life, for a type C soil profile. The pseudo-acceleration response
spectrum, associated to the selected area, is reported in Fig. 3.
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Fig. 3. Pseudo-acceleration elastic response spectrum.
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2.3 Structural Modelling and Seismic Analyses

As stated above, the equivalent beam approach, usually adopted for the modelling and
analysis of bridge decks, is not able to capture local mechanisms assuring the transfer
of inertia forces from the slab to substructures. Thus, for the analysis of local problems,
complete 3 dimensional finite element models of the decks are developed exploiting
potentials of the computer structural analysis program (Straus7). All structural elements
(plates of longitudinal steel girders, cross beams and stiffeners, as well as the concrete
slab) are modelled through shell elements (Fig. 4a, b, c) taking into account the actual
position of their mid-planes; the mean dimension of the mesh is 0.2 × 0.2 m. Materials
are assumed to behave linearly with Young’s modulus Es = 200000 MPa and
Ec = 34000 MPa for the steel and the concrete, respectively. Rigid constraints are used
to account for the bearings dimensions, and restraints are applied to the master node of
the constraints.

(a)

(b)

(c)

(d)

Fig. 4. 3D finite element model of the bridge deck: (a) overall view, (b) detail of the end cross
beam; (c) detail of the mid-span cross beams and (d) detail of the studs modelling

The shear connection is modelled with beam elements. The actual position of studs
is considered (3 rows of connectors at the top plate of each longitudinal girder) and
connectors are constituted by beam elements connecting the mid-plane of the top plate
of the steel girder with the mid-plane of the concrete slab. In particular, each connector
is modelled by two beam elements, one of short length in which the shear deformability
is lumped and one with increased stiffness properties to simulate a rigid shear behaviour
(Fig. 5a). In addition, both beam elements have a rigid flexural behaviour. Studs have a
nonlinear shear behaviour defined according to the model of Ollgaard et al. (1971); an
equivalent secant shear stiffness (at 40% of the maximum shear capacity) is also provided
for the need of performing linear analyses (Fig. 5b) in conjunction with nonlinear ones.
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Fig. 5. (a) Modelling of the steel-concrete connection; (b) shear force-slip relationship of the
single stud.

Linear and nonlinear static analyses are performed simulating the seismic actions
through a mass proportional distribution of horizontal forces. The intensity of forces are
determined with reference to the highest pseudo-spectral acceleration, corresponding to
0.9 g (Fig. 3). Both linear and nonlinear seismic analyses include permanent loads at
dynamic condition.

3 Main Results

In this section main results of seismic analyses performed on the selected case studies
are reported. In particular, distributions of shear forces on the steel-concrete connection
on the top plate of the two steel girders due to seismic loads acting in the longitudinal
and transverse directions are presented and discussed. The significance of seismic
induced shear forces on the steel-concrete connection is evaluated comparing results
with those obtained for the ULS.

3.1 Single Span Bridge

Results obtained for the simply supported bridge deck are firstly presented. Figure 6a
shows the deformed shape of the deck subjected to the transverse seismic action; mid
span cross sections undergo an overall in-plane rotation due to the eccentricity of inertia
forces (mainly acting at the level of the concrete slab) with respect to the shear center
of the composite open cross-section. On the contrary, deck cross-sections nearby the
seismic resistant supports locally deform and distort as a consequence of the transfer
mechanism of inertia forces from the slab, where most of the mass is located, to the
fixed support (Fig. 6b). Above effects induce a flexural behaviour of longitudinal beams
in the web plane to which shear forces is associated.
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Direction of inertia forces

Sliding 
bearing

Forces travelling on the slab

Fixed 
bearing

(a)

(b)

Permanent loads

Fig. 6. (a) Deformed shape of the simply supported deck subjected to transverse seismic action;
(b) local transfer mechanism at supports inducing the cross-sections distortion

Figure 7 plots the transverse shear forces on the steel-concrete connection (obtained
by summating forces acting in the three aligned connectors) along the top plates of the
two steel girders due to the transverse seismic action. Results from linear analyses are
depicted in Fig. 7a while those of nonlinear applications are reported in Fig. 7b.
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Fig. 7. Distribution of transverse shear forces on the steel-concrete connection due to the
transverse seismic action: (a) results of linear analysis and (b) results of nonlinear analysis.

It can be observed that the shear connection is almost unstressed along the whole
beams, excepting for the end beam sections, about 2 m long, where transverse shear
forces increase rapidly up to a maximum value in correspondence of the support that
depends on the connection behaviour (linear or nonlinear). This result confirms that

Shear Connection Local Problems in the Seismic Design 347



inertia forces, mainly acting on the concrete slab, travel on the slab itself, which is much
more stiff than the steel counterpart. However, at supports, due to equilibrium consid‐
erations (Fig. 6b), high shear forces are concentrated in a limited number of studs. For
the selected case studies, forces do not exceed the connection capacity.

The end cross beam plays an important role in distributing the seismic inertia forces
on the steel-concrete connections of the two steel girders. The local transfer mechanism,
developing as a consequence of the un-symmetric boundary conditions, induces a
significant distortion of the end cross sections with the cross beam deforming flexurally.
The cross beam exerts recall forces on the steel girder with sliding bearing that limit the
beam rotation and produce an increment of shear forces acting at the level of the steel-
concrete connection.

Finally, as expected, shear forces from nonlinear analyses are lower with respect to
those obtained from linear applications, as a consequence of the connection plasticiza‐
tion. However, the redistribution of forces appears to be confined in a limited beam end
section.

Figure 8 shows the longitudinal shear forces on the steel-concrete connection along
the top plates of the two steel girders due to the transverse seismic action. These are
consequences of the overall flexural behaviour of the steel girders, produced by torsion
resulting from the eccentricity of inertia forces with respect to the shear centre of the
deck cross-section. For the sake of brevity, only results of linear applications are reported
(in view of the relatively moderate induced forces). Differently form transverse shear
forces, maximum longitudinal shear forces on the steel-concrete connection are attained
at a certain distance from the supports (about 2 m).

-30

-20

-10

0
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20

-40

V [kN]
40

Beam with sliding bearing
Beam with fixed bearing

-6 0 12 18 24 30 36 48[m]6 54

Fig. 8. Distribution of longitudinal shear forces on the steel-concrete connection due to the
transverse seismic action

Finally, Fig. 9 shows the absolute values of the resulting shear forces on the steel-
concrete connection of the two steel girders, obtained from the vector sum of longitu‐
dinal and transverse shear forces induced by the transverse seismic action. Results from
linear analyses are depicted in Fig. 9a while those of nonlinear applications are reported
in Fig. 9b.
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Fig. 9. Distribution of total shear forces on the steel-concrete connection due to the transverse
seismic action: (a) results of linear analysis and (b) results of nonlinear analysis

The combined shear forces are compared with those acting at the ULS, resulting
from the application of non-seismic loads (including traffic loads). It can be observed
that maximum shear forces due seismic and non-seismic actions are attained at different
locations. Despite the shear connection capacity is never exceeded, shear forces due to
transverse inertia forces are sensibly higher than those relevant to non-seismic actions
(almost twice for the linear applications and 40% higher for the nonlinear applications),
due to the high intensity of the seismic loads.

Concerning the longitudinal direction, Fig. 10a shows the deformed shape of the
deck subjected to both seismic and permanent loads. Seismic actions increase or
decrease (depending on the direction of loading) the vertical deflection of the bridge
deck due to vertical loads, as a consequence of the overall bending moment produced
by the eccentricity of the horizontal inertia forces (mainly located at the concrete slab
level) with respect to the horizontal reaction at the fixed support (Fig. 10b).
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Figure 11 plots the longitudinal shear forces in the steel-concrete connection
obtained from the linear applications; results of nonlinear analyses are not reported for
the sake of brevity, also considering the low intensity of forces. Contributions of vertical
loads at dynamic conditions and of seismic actions are plotted separately as well as
combined, for a better understanding of phenomena. Since in this case the behaviour of
the steel-concrete connection over the two girders is the same (due to symmetry), results
of Fig. 11 only refer to one of the two girders.
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Fig. 11. Distribution of longitudinal shear forces on the steel-concrete connection due to the
longitudinal seismic action (single-span bridge) (Color figure online)

It can be observed that, while the contribution of vertical loads assumes the typical
“butterfly” shape (red dots), the contribution of seismic loads (blue dots) results from
the superposition of two effects: (i) one associated to the overall shear force in the steel
beam resulting for the equilibrium of bending moment arising for the longitudinal equi‐
librium of inertia forces (Fig. 10b); and (ii) another one produced by the local transfer
mechanism of horizontal forces through the steel-concrete connection in correspondence
of the seismic resistant bearings. Despite for the presented applications the whole shear

(a)

Sliding 
bearing

Forces travelling on the slab

Fixed 
bearing

(b)

Permanent loads

Direction of inertia forces

Fig. 10. (a) Deformed shape of the simply supported deck subjected to longitudinal seismic
action; (b) equilibrium considerations
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forces (black dots) are much lower than the shear connection capacity, it should be
remarked that, depending on the span length and the steel girder height, effects of longi‐
tudinal inertia forces may become important.

3.2 Two-Span Bridge

This section reports the results obtained for the two-span bridge. Since phenomena have
been detailed in the previous section, only minor comments are herein addressed.

Figure 12 plots the transverse shear forces on the steel-concrete connection along
the top plates of the two steel girders due to the transverse seismic action.

0

100

200

300

400

500

-100

V [kN]

700

Capacity of 3 rows of connectors
Beam with sliding bearing
Beam with fixed bearing

0

100

200

-54 -48 -24 -12 0 12 48 48

300

400

500

-100
[m]-36 54

V [kN]

700
(a)

(b)

Fig. 12. Distribution of transverse shear forces on the steel-concrete connection due to the
transverse seismic action: (a) results of linear analysis and (b) results of nonlinear analysis

Results from linear analyses are depicted in Fig. 12a while those of nonlinear appli‐
cations are reported in Fig. 12b.

Previous considerations relevant to the distribution of shear forces along the longi‐
tudinal axes of beams with fixed and sliding bearings hold. However, higher shear forces
arise in the steel-concrete connection in proximity of the fixed central bearing, as a
consequence of inertia forces deriving from masses of two spans. For the linear appli‐
cations, transverse shear forces largely exceed the shear connection capacity; allow the
shear forces redistribution among connectors at supports to be captured.

Like for the simply supported deck, torsion resulting from the eccentricity of trans‐
verse inertia forces with respect to the shear centre of the deck cross-section promotes
the development of global bending moments and shear forces on the longitudinal beams
and consequently on the shear connection. Figure 13 shows the absolute values of the
total shear forces on the steel-concrete connection of the two steel girders, obtained from
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the vector sum of longitudinal and transverse shear forces induced by the transverse
seismic action. Results from linear analyses are depicted in Fig. 13a while those of
nonlinear applications are reported in Fig. 13b.

The combined shear forces are compared with those acting at the ULS, resulting
from the application of non-seismic loading (including traffic loads). Even in this case,
maximum shear forces due seismic and non-seismic actions are attained at different
locations. It should be remarked that shear forces induced by non-seismic loads are
almost the same for the single span and two-span bridges while effects of seismic actions
are sensibly higher in the latter case, since the transfer mechanism of forces at the middle
support requires the equilibrium of horizontal inertia forces relevant to two spans.

Finally, Fig. 14 plots the longitudinal shear forces in the steel-concrete connection
at the top plates of the steel girder equipped with the fixed bearing due to the longitudinal
seismic action. Considering the low force intensity, only results of linear applications
are reported. Like for the simply supported beam, contributions of vertical loads at
dynamic conditions and of seismic actions are reported separately, as well as combined,
for a better understanding of their relevant effects.
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Fig. 13. Distribution of total shear forces on the steel-concrete connection due to the transverse
seismic action: (a) results of linear analysis and (b) results of nonlinear analysis
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Fig. 14. Distribution of longitudinal shear forces on the steel-concrete connection due to the
longitudinal seismic action (two-span bridge)

4 Conclusions

Local problems involved in the transfer mechanisms of inertia forces acting at the level
of the concrete slab of typical steel-concrete composite bridge decks have been inves‐
tigated in this paper. In particular, the shear connection behaviour, usually designed with
only reference to non-seismic loads at the ultimate limit state, is studied through appli‐
cations to some case studies constituted by twin-girder steel-concrete composite bridge
decks characterised by different static schemes. The analysis of the distribution of longi‐
tudinal and transverse shear forces acting on the connectors demonstrates that the
behaviour of the steel-concrete connection in proximity of cross frames at the seismic
resistant restraints is not as easy to understand as expected: transverse actions are
concentrated at a limited number of studs and, for high intensity earthquakes, may
exceed the connectors capacity. Despite results descend from few applications, analyses
demonstrate that the seismic induced forces should be properly considered in the design
of the shear connection, and support the need of further investigations.
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Abstract. Incremental dynamic analysis (IDA) is a procedure in which a struc‐
ture is subjected to a suite of ground motion records, scaled to multiple levels of
intensity and leading to corresponding curves of response versus intensity.
However, implementation of IDA usually involves a significant computational
effort. In this work, a simple and efficient solution for IDA analysis with only few
points, based on the structural response to un-scaled records (a.k.a the “cloud”),
has been implemented. The transverse frame of a shear-critical seven-storey older
RC building in Van Nuys, CA, which is modeled in Opensees with fiber-section
considering the flexural-shear-axial interactions and the bar slip, is employed. It
is demonstrated that the simplified IDA, obtained based on a significantly lower
computational effort with respect to the full IDA, provides reliable results in terms
of the statistics of structural response (e.g., mean and mean plus/minus one
standard deviation) versus intensity and structural fragility.

Keywords: Seismic fragility · Existing RC frames
Non-linear dynamic analysis procedures

1 Introduction

Many existing reinforced concrete (RC) moment-resisting frame buildings in regions
with high seismicity were built without adequate seismic-detailing requirements and are
particularly collapse-prone buildings. Identifying accurately the level of performance
can facilitate an efficient seismic assessment and classification of these buildings. In this
context, analytic structural fragility assessment is one of the fundamental steps in the
modern performance-based engineering (Cornell and Krawinkler 2000). The structural
fragility can be defined as the conditional probability of exceeding a prescribed limit
state given the intensity measure (IM). There are alternative non-linear dynamic analysis
procedures available in the literature for characterizing the relationship between engi‐
neering demand parameters (EDPs) and IM based on recorded ground motions, such as,
the Incremental Dynamic Analysis (IDA, (Vamvatsikos and Cornell 2004) Multiple-
Stripe Analysis (MSA, see (Jalayer and Cornell 2009)) and the Cloud Method (Bazzurro
et al. 1998; Cornell et al. 2002; Jalayer 2003; Jalayer and Cornell 2003; Jalayer et al.
2015). The nonlinear dynamic methods such as IDA and MSA are suitable for evaluating
the relationship between EDP and IM for a wide range of IM values; however, their
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application can be quite time-consuming as the non-linear dynamic analyses are going
to be repeated (usually for scaled ground motions) for increasing levels of IM.

In this context, it can be very useful to find a way to reduce the computational effort
of IDA analysis, keeping the same accuracy of the results. Herein, an alternative and
more quick way to implement IDA analysis is presented, starting from the results of
Cloud Analysis. Cloud analysis is based on a simple regression in the logarithmic space
of the structural response versus the seismic intensity for a set of registered records.
Cloud is particularly useful and efficient since it involves the non-linear analysis of the
structure subjected to a set of un-scaled ground motions. It is shown herein that,
exploiting the cloud results in term of predicted median and standard deviation, the IDA
analysis can be performed in an efficient manner without significant loss of accuracy
(with respect to a complete IDA). This method, which is called Cloud to IDA, considers
only few spectral acceleration levels (i.e., data points) for each record.

As a numerical example, the transverse frame of a seven-story existing RC building
in Van Nuys, CA, modeled in Opensees modeled by considering the flexural-shear-axial
interactions in the columns, is employed. Because of the old construction philosophy,
column members are sensible to possible shear failure during earthquakes; hence, a non-
linear model is used to predict an envelope of the cyclic shear response (Setzler and
Sezen 2008; Sezen 2008). This envelope includes the shear displacements and corre‐
sponding strength predictions at the peak strength, onset of lateral strength degradation,
and loss of axial-load-carrying capacity. In addition, the total lateral displacement of the
members includes also the consideration of the deformability due to bar slip contribu‐
tion. The adopted engineering demand parameter (EDP) is the critical demand to
capacity ratio (Jalayer et al. 2007) corresponding to the component or mechanism that
leads the structure closest to the onset of near collapse limit state. This structural response
parameter, that is equal to unity at the onset of the desired limit state, can encompass
both ductile and fragile failure mechanisms.

It is demonstrated that, for the case-study structure considered, the Cloud to IDA
procedure provides reliable results in terms of the capacity curves that are very close to
those based on a complete IDA and with smaller computational effort.

2 Methodology

2.1 Structural Performance Variable

The EDP herein is taken to be the critical demand to capacity ratio (Jalayer et al. 2007;
Jalayer et al. 2015) denoted as YLS and defined as the demand to capacity ratio for the
component or mechanism that brings the system closer to the onset of limit state LS
(herein, the near collapse limit state). The formulation is based on the cut-set concept
(Ditlevsen and Madsen 1996), which is suitable for cases where various potential failure
mechanisms (both ductile and fragile) can be defined a priori. YLS, which is always equal
to unity at the onset of limit state, is defined as:
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YLS = maxNmech

l
minNl

j

Djl

Cjl(LS)
(1)

where Nmech is the number of considered potential failure mechanisms; Nl the number of
components taking part in the lth mechanism; Djl is the demand evaluated for the jth

component of the lth mechanism; Cjl(LS) is the limit state capacity for the jth component
of the lth mechansim. The capacity values refer to the near collapse limit state in this
work, but the procedure can be repeated for any other prescribed limit state. In the context
of this work, the demand is expressed in terms of maximum chord rotation for the
component, denoted as 𝜃max, and computed based on the nonlinear dynamic analysis.
The component chord rotation capacity is denoted as θultimate corresponding to the ulti‐
mate capacity of the member. In particular, 𝜃ultimate corresponds to the point on the soft‐
ening branch of the force-deformation curve of the member, where a 20% reduction in
the maximum strength takes place.

The possible failure mechanisms are associated to the limit state of near collapse(
Ynear collapse = Y

)
. They correspond to ductile or brittle failures of the columns,

depending on whether the column is flexural or shear critical. Y > 1 for a column is
achieved when 𝜃demand > 𝜃ultimate where 𝜃ultimate for each element takes into account the
flexural/axial behavior, the shear behavior and the deformation due to bar slip.

When predicting non-linear response of structures, it is necessary to account for the
possibility that some records may cause global “Collapse”; i.e., very high global
displacement-based demands or non-convergence problems in the analysis software. It
is obvious that, Y > 1 for the limit state of near-collapse does not guarantee the exceed‐
ance of collapse limit state. Herein, the cases of collapse are identified explicitly by
verifying the following criteria for structural collapse: (1) 50% +1 of the columns of
only one floor have achieved θaxial (Galanis and Moehle 2015), where 𝜃axial corresponds
to the point associated with the complete loss of vertical-load carrying capacity of the
component on the softening branch; (2) 10% of the maximum interstory drift between
all the floors has achieved.

2.2 Nonlinear Dynamic Analyses Procedure

In order to estimate the structural fragility, Cloud, IDA and Cloud to IDA analyses are
adopted herein as alternative nonlinear dynamic analysis procedures. The cloud analysis
is a procedure in which a structure is subjected to a set of ground motion records of
different first-mode Sa(T) values. The cloud data encompasses pairs of ground motion
IM (herein first-mode Sa(T)) and its corresponding structural performance variable Y
(see Eq. 1) for each record. Cloud method provides estimates of the first two statistical
moments (e.g., logarithmic mean and standard deviation) of the performance parameter
Y given the first-mode spectral acceleration. Once the ground motion records are
selected, they are applied to the structure and the resulting Y = D/C (demand over
capacity ratio, as described above) is calculated. This provides a set of values that form
the basis for the cloud-method calculations. The cloud data can be separated to two parts:
(a) NoC data which correspond to that portion of the suite of records for which the
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structure does not experience “Collapse”, (b) C data for which the structure leads to
“Collapse”. In order to estimate the statistical properties of the cloud response, with
respect to NoC data, conventional linear regression (using least squares) is applied to
the response on the natural logarithmic scale, which is the standard basis for the under‐
lying log-normal distribution model. This is equivalent to fitting a power-law curve to
the cloud response in the original (arithmetic) scale. This results in a curve that predicts
the median drift demand for a given level of structural acceleration:

𝜂Y|Sa,NoC (Sa) = a ⋅ Sab

ln(𝜂Y|Sa,NoC (Sa)) = ln(a) + b ⋅ ln(Sa)
(2)

where ln(a) and b are linear regression constants. The logarithmic standard deviation
𝛽Y|Sa,NoC can be estimated as the root mean sum of the square of the residuals with respect
to the regression prediction:

𝛽Y|Sa,NoC =

√∑
(ln(Yi) − ln(a ⋅ Sb

a,i))
2

NNoC − 2
(3)

where Yi and Sa,i are the demand over capacity ratio values and the corresponding spectral
acceleration for record number i within the cloud response set and NNoC is the number
of NoC records.

The standard deviation of regression, as introduced in the preceding equation, is
presumed to be constant with respect to spectral acceleration over the range of spectral
accelerations in the cloud.

The fragility, expressed generally as the conditional distribution of Y given Sa, can
be expanded with respect to NoC and C data as follows using Total Probability Theorem
(see (Shome and Cornell 1999; Jalayer and Cornell 2009; Jalayer et al. 2017)):

P(Y > 1|Sa ) = P(Y > 1|Sa, NoC ) ⋅ P(NoC|Sa )

+P(C|Sa )
(4)

The probability terms in Eq. (4) are described clearly as follows:

• The NoC term P(Y > 1|Sa, NoC ) is the conditional distribution of Y given Sa and
NoC, and can be described by a lognormal distribution (a widely used assumption
that has been usually verified for cases where the regression residuals represent
unimodal behavior, see e.g. (Jalayer and Cornell 2009; Jalayer and Ebrahimian
2017; Miano et al. 2017)):

P(Y > 1|Sa, NoC ) = Φ

( ln 𝜂Y|Sa,NoC

𝛽Y|Sa,NoC

)
(5)

where Φ is the standardized Gaussian cumulative distribution function (CDF) and
𝜂Y|Sa,NoC and 𝛽Y|Sa,NoC are presented in Eqs. (2) and (3). It should be noted that Eq. (4)
is based on the implicit assumption that in the cases of global dynamic instability
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(global Collapse), the limit state LS (hereafter LS = Near Collapse) is certainly
exceeded.

• The term P(C|Sa ) = 1 − P(NoC|Sa ) is probability of global dynamic instability
(Collapse), which can be expressed by a logistic regression model (a.k.a., logit) on
the Sa values of the entire cloud data:

P(C|Sa ) =
1

1 + e−(𝛽 0+𝛽 1.Sa) (6)

where 𝛽0 and 𝛽1 are the parameters of the logistic regression. It is to note that the
logistic regression model belongs to the family of generalized regression models and
is particularly useful for cases in which the regression dependent variable is binary
(i.e., can have only two values 1 and 0, yes or no, which is the case of C and NoC
herein). Note that the logistic regression model described above is applied to all
records; they are going to be distinguished by 1 or 0 depending on whether they lead
to C or NoC.

The structural fragility from IDA analysis can be calculated using the (Log-Normal)
probability density function fitted to the spectral acceleration values at Y = 1, SaY=1:

P(Y > 1|Sa ) = P
(
SaY=1 < Sa

)
= Φ

( ln Sa − ln 𝜂SaY=1

𝛽SaY=1

)

(7)

where 𝜂SaY=1 and 𝛽SaY=1 are the parameters of the Log-Normal probability density
function.

The proposed Cloud to IDA procedure can be carried out by considering few levels
of spectral acceleration for each record (limited to 4 levels in the majority of cases), in
order to obtain the distribution of SaY=1. In particular, four spectral acceleration levels
are chosen per record based on the results of cloud analysis; namely, the original
Sa
(
T1
)
; median Sa

(
T1
)
 at Y = 1 estimated based on Cloud Analysis (equal to (1∕a)1∕b

per Eq. (2)); (logarithmic) mean plus one standard deviation Sa
(
T1
)
 at Y = 1 estimated

based on Cloud Analysis (equal to (1∕a)1∕b
e+𝛽Y|Sa,NoC∕b per Eqs. (2) and (3)); and (loga‐

rithmic) mean minus one standard deviation Sa
(
T1
)
 at Y = 1 (equal to (1∕a)1∕b

e−𝛽Y|Sa,NoC∕b

per Eqs. (2) and (3)). Obviously, other scaling points can be added as needed, by
assigning a certain value of α in order to calculate (logarithmic) mean plus or minus α
standard deviation Sa

(
T1
)
 at Y = 1 estimated based on Cloud AnalysiS equal to

(1∕a)1∕b
e±𝛼𝛽Y|Sa,NoC∕b. As a rule of thumb, it is important to have enough spectral acceleration

levels so that the resulting IDA curve (obtained by connecting the points) covers Y = 1
(that is, SaY = 1 for each record can be obtained by interpolation). Finally, the structural
fragility from Cloud to IDA analysis is calculated the same as that of IDA analysis (see
Eq. 7).
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3 Numerical Application

3.1 Building Description and Modeling

One of the transverse frames of the seven-story hotel building in Van Nuys, California,
is modeled and analyzed in this study. The building is located in the San Fernando Valley
of Los Angeles County (34.221° north latitude, 118.471° west longitude). The frame
building was designed in 1965 according to the 1964 Los Angeles City Building Code,
and constructed in 1966. The building was severely damaged in the M6.7 1994 North‐
ridge earthquake (Krawinkler 2005).

Columns in the transverse frame are 356 mm wide by 508 mm deep, i.e., oriented
to bend in their strong direction when resisting lateral forces in the plane of the trans‐
versal frame. Spandrel beams in the frame are typically 406 mm wide and 762 mm deep
in the second floor, 406 mm wide and 572 mm deep in the third through seventh floors,
and 406 mm by 559 mm at the roof level. Column concrete has compressive nominal
strength f ′c of 34.5 MPa in the first story, 27.6 MPa in the second story, and 20.7 MPa
in other floors. Beam and slab concrete strength f ′c is 27.6 MPa in the second floor and
20.7 MPa in other floors. Grade 60 (fy = 414 MPa) reinforcing steel is used in columns.
The specified yield strength, fy, is 276 MPa (Grade 40) for the steel used in beams and
slabs. The column and beam reinforcement details are provided in Krawinkler (2005).
Figure 1 shows the transverse frame modeled in this research.

Fig. 1. Geometric configuration of the transverse frame.

3.1.1 Flexural, Shear and Bar Slip Models
The Holiday Inn hotel building experienced multiple shear failures in the columns in
the fourth story during the 1994 Northridge earthquake (Krawinkler 2005) in the longi‐
tudinal perimeter frames. The amount and the spacing of the transversal reinforcement
in most columns were insufficient. Therefore, it is necessary to model materials and
column members to capture the shear and the flexure-shear failure modes in columns
and the potential collapse of the transverse frame. About flexural model, unidirectional
axial behaviour of concrete and steel are modeled to simulate the nonlinear response of
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beams and columns. Concrete material response is simulated using the Concrete01
material in OpenSees (http://opensees.berkeley.edu), which includes zero tensile
strength and a parabolic compressive stress-strain behaviour up to the point of maximum
strength with a linear deterioration beyond peak strength. Because the transverse rein‐
forcement ratio for beams and columns in the Van Nuys building is relatively low and
detailing does not meet the modern seismic code requirements, concrete is modeled
more close to the unconfined model, with peak strength achieved at a strain of 0.002 and
minimum post-peak strength achieved at a compressive strain of 0.006. The corre‐
sponding stress capacity at ultimate strain is 0.05* f ′c for f ′c = 34.5 MPa and for
f ′c = 27.6 MPa and 0.2* f ′c for f ′c = 20.7 MPa. Longitudinal reinforcing steel behavior
is simulated using the Steel02 material in OpenSees. This model includes a bilinear
stress-strain envelope with a curvilinear unload-reload response under cyclic loading.
The previous research indicate that the observed yield strength of reinforcing steel
exceeds the nominal strength (Krawinkler 2005, Islam 1996). As suggested by Islam
(1996), yield strength of 345 MPa (50 ksi) and 496 MPa (72 ksi) are used in this research
for Grade 40 and Grade 60, respectively. Both Grade 40 and Grade 60 reinforcement
are assumed to have a post-yield modulus equal to 1% of the elastic modulus, which is
assumed to be 200 GPa. Additional parameters required to define the Steel02 material
model are taken equal to those recommended in the OpenSees User’s Manual.

Flexural response of beams and columns response is simulated using fiber cross
sections, representing the beam-column line elements. Uniaxial fibers within the gross
cross section were assigned either concrete or steel. A typical column cross section
included 30 layers of axial fibers, parallel to the depth of the section. In OpenSees,
flexural beam-column members are modeled as force-based in which a specific moment
distribution is assumed along the length of the member. An internal element solution is
required to determine member deformations that satisfy the system compatibility. In
force-based column elements, distributed plasticity model is used in OpenSees in order
to allows for yielding and plastic deformations at any integration point along the element
length under increasing loads. In order to characterize the numerical integration options
for the force-based column element and to accurately capture plastic deformations along
the members, Newton-Cotes integration (Scott and Fenves 2006) is selected. Newton-
Cotes method distributes integration points uniformly along the length of the element,
including one point at each end of the element (Fig. 2a). Beams member force-defor‐
mation response is computed assuming that inelastic action occurs mainly at the member
ends and that the middle of the member remains typically elastic, but this is not neces‐
sary. Plastic hinge integration methods are used to confine non linear deformations in
end regions of the element of specified length. The remainder of the element is assumed
to stay linear elastic and it is assumed that the length of plastic region is equal to the
depth of the cross-section. The modified Gauss Radau hinge integration method is used
for numerical integration to capture non linear deformations near the ends of the force-
based beam elements. The modified two-point Gauss-Radau integration within each
hinge region is implemented at two integration points at the element ends and at 8/3 of
the hinge length, Lo = h, from the end of the element (Fig. 2b).
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Fig. 2. Elements used for modeling (a) columns and (b) beams.

As far as it regard shear modeling, the shear model by Setzler and Sezen (2008) can
capture the shear response with a lateral force-shear displacement envelope, that
includes three distinct points corresponding to: (1) Maximum shear strength and corre‐
sponding shear displacement; (2) Onset of shear strength degradation and corresponding
displacement; (3) Shear displacement at axial load failure. The shear strength is calcu‐
lated according to the model by Sezen and Moehle (2004):

Vn = Vs + Vc = k
Av fy d

s

+ k

(
0.5

√
fc

a∕d

√

1 +
P

0.5
√

fc Ag

)

0.8 Ag

(8)

where Av is the transverse reinforcement area in the loading direction; s is the transverse
reinforcement spacing; fy is the transverse reinforcement yield strength; d is the section
depth; f ′c is the compressive strength of concrete; a is the shear span of the element; P
is the axial load; Ag is the gross area of the section; k is a factor to account for ductility-
related strength degradation and it is defined to be equal to 1.0 for displacement ductility
less than 2, equal to 0.7 for displacement ductility exceeding 6, and varies linearly for
intermediate displacement ductility values.

Shear displacements are calculated using a combination of two existing models
(Sezen 2008 and Setzler and Sezen 2008). The shear displacement at peak strength,
Δv,n, is calculated as:

𝛥v,n = (
fy ⋅ 𝜌l

5000 ⋅

a

d
⋅

√
P

Ag ⋅ f ′
c

− 0.0004) ⋅ L

(9)

where ρl is the longitudinal steel ratio and L is the length of the column.
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As described in Sezen (2008), the shear displacement at the onset of shear failure is
adopted from Gerin and Adebar (2004). Shear displacement at axial failure is obtained
using the procedure given in Setzler and Sezen (2008), which requires the calculation
of total lateral displacement. Total lateral drift is calculated using the equation proposed
by Elwood and Moehle (2005).

About bar slip model, when a reinforcing bar embedded in concrete is subjected to
a tensile force, strain accumulates over the embedded length of the bar. This tensile
strain causes the reinforcing bar to slip relative to the concrete in which it is embedded.
Slip of column reinforcing bars at column ends (i.e., from the footing or beam-column
joint) will cause rigid body rotation of the column. This rotation is not accounted for in
flexural analysis, where the column ends are assumed to be fixed. The bar slip model
used in this study was originally developed by Sezen and Moehle (2003) and presented
in Setzler and Sezen (2008). This model assumes a stepped function for bond stress
between the concrete and reinforcing steel over the embedment length of the bar. The
bond stress is taken as 1 ⋅

√
f ′c MPa for elastic steel strains and as 0.5 ⋅

√
f ′c MPa for

inelastic steel strains. The rotation due to slip, 𝜃s, is calculated as slip/(d-c), where slip
is the extension of the outermost tension bar from the column end and d and c are the
distances from the extreme compression fiber to the centroid of the tension steel and the
neutral axis, respectively. The column lateral displacement due to bar slip, 𝛥slip, is equal
to the product of the slip rotation and the column length (𝛥slip = 𝜃s ⋅ L).

3.1.2 Total Lateral Response
The total lateral response of a RC column can be modeled using a set of springs in series
in OpenSees (where the flexural spring is represented by a fiber section element). The
flexure, shear and bar slip deformation models discussed above are each modeled by
springs in series. Each spring is subjected to the same lateral force. The total displace‐
ment response is the sum of the responses of each spring. The column spring model is
shown in Fig. 2. A typical column element includes two zero-length bar slip springs at
its ends, one zero-length shear spring and a flexural element with five integration points.
The shear behavior is modeled as an uniaxial hysteretic material defined for the spring
in the shear direction (i.e., transverse direction of the column or direction 1 in Fig. 2).
The longitudinal displacement caused by the bar slip is modeled with two rotational
springs at the column ends using an uniaxial hysteretic material (i.e., direction 3 in
Fig. 2). Finally, same vertical displacement is maintained between nodes of zero length
elements in the vertical direction (i.e., direction 2 in Fig. 2), using the equalDOF option
in OpenSees.

The three deformation components are simply added together to predict the total
response up to the peak strength of the column (Setzler and Sezen 2008). Rules are
established for the post-peak behavior of the springs based on a comparison of the shear
strength Vn, the yield strength Vy, and the flexural strength Vp required to reach the plastic
moment capacity. By comparing Vn, Vy, and Vp, the columns can be classified into five
different categories, as described in Setzler and Sezen (2008): (1) Category I: Vn < Vy:
the shear strength is less than the lateral load causing yielding in the tension steel. The
column fails in shear while the flexural behavior remains elastic; (2) Category II:
Vy < Vn < 0.95 Vp: the shear strength is greater than the yield strength, but less than the
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flexural strength of the column. The column fails in shear, but inelastic flexural defor‐
mation occurring prior to shear failure affects the post-peak behavior; (3) Category III:
0.95 ⋅ Vp < Vn < 1.05 ⋅ Vp: the shear and flexural strengths are very close; (4) Category
IV: 1.05 ⋅ Vp < Vn < 1.4 ⋅ Vp: the shear strength is greater than the flexural strength of
the column. The column experiences large flexural deformations potentially leading to
a flexural failure. Inelastic shear deformations affect the post-peak behavior, and shear
failure may occur as displacements increase; (5) Category V: Vn < 1.4 ⋅ Vn: the shear
strength is much greater than the flexural strength of the column. The column fails in
flexure while the shear behavior remains elastic. Figure 3 shows the three different
deformation components and the total lateral displacement for two generic columns of
the frame, belonging to two different categories.
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Fig. 3. Three different deformation components and the total lateral displacement for two generic
columns of the frame, belonging to Category I (left) and Category III (right).

3.2 Record Selection

A set of 34 strong ground-motion records are selected from the NGA-West2 database
(Ancheta et al. 2014). This suite of records covers a wide range of magnitudes between
5.5 and 7.9, and closest distance-to-ruptured area (denoted as RRUP) up to around
40 km. Since the soil shear wave velocity in upper 30 m of soil, Vs30, at the structure’s
site is around 218 m/sec, all selected records are chosen to be on NEHRP site classes
C-D (where C:360 < Vs30 < 760 m/s and D:180 < Vs30 ≤ 360 m/s). The number of
records from a single seismic event is limited to one, while only one of the two horizontal
components of each recording, with higher spectral acceleration around 1.0 s, is selected.
The lowest useable frequency of 0.25 Hz ensures that the low-frequency content is not
removed by the ground motion filtering process. The records are selected to be free field
or on the ground level without consideration of station housing.

3.3 Cloud Analysis

As explained comprehensively in Sect. 2.2, the Cloud Analysis is a nonlinear dynamic
procedure in which the structure is subjected to a set of (un-scaled) ground motion
records covering a wide range of IM, herein Sa(T1), values. Figure 4 shows the Cloud
data and the associated Cloud linear regression (fitted to the NoC portion of the Cloud
data). For each data point (colored squares), the corresponding record ID is shown. It
can be see that 7 records out of 34 ground motions cause collapse or global dynamic
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instability (C data) as shown with red-colored squares. The line Y = 1 corresponding to
the onset of Near Collapse LS is shown with dashed red line.
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Fig. 4. The cloud regression. (Color figure online)

3.4 IDA Analysis

Each IDA curve herein shows the variation in the performance variable Y for a given
ground motion record as a function of Sa(T1) while the record is scaled-up linearly in
amplitude. Each IDA curve has 19 strips. Initially a constant step of 0.1 from 0.1 g to
1.5 g has been adopted. Since the goal is that all IDA curves are able to populate both
the Y < 1 and Y > 1 zones (for the purpose of interpolation of SaY = 1), the records are
scaled to four spectral acceleration levels (see the methodology section, in reality one
of the levels correspond to the unscaled spectral acceleration). It can be seen that these
spectral acceleration levels cover values ranging between 0.4 g and 0.8 g (the zone in
which most of the records exceed Y = 1). Figure 5 illustrates the complete IDA curves
(in thin grey lines) with respect to Y for the suite of 34 ground-motions. The vertical red
line plotted at Y = 1 demonstrates the dispersion in the spectral acceleration values SaY=1
plotted as red-star points. The figure also demonstrates the (Log-Normal) probability
density function fitted to the SaY=1 values. The horizontal red-dashed line represents the
median of SaY=1 values (denoted as 𝜂SaY=1) from IDA analysis. In order to facilitate the
comparison with Cloud Analysis results, the corresponding Cloud data (the squares) and
the regression prediction (blue line) are also plotted. The spectral acceleration value
corresponding to Y = 1 from the Cloud regression prediction (derived as
𝜂SaY=1 = (1∕a)1∕b, the blue dashed line) represents the median spectral acceleration
capacity corresponding to Cloud analysis.
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Fig. 5. IDA curves, cloud data, and the regression prediction. (Color figure online)

3.5 Cloud to IDA

As described in Sect. 2.2, Cloud to IDA proposes an efficient procedure for performing
IDA, which only considers few points (in most cases 4 points) of spectral acceleration
for each record, in order to obtain the distribution of SaY=1. Initially, all the records are
scaled to the four points presented in Sect. 2.2. Since, as said, the goal is that all the
records are able to populate both the Y < 1 and Y > 1 zones for producing a good
estimation of the distribution of SaY=1. Just for four records, it was necessary to use a
fifth level of scaling equal to (1∕a)1∕b

⋅ e−2𝜎Y|Sa,NoC∕b. Figure 6 shows the Cloud to IDA
results.
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Fig. 6. Cloud to IDA analysis.

3.6 Fragility Curves Results and Comparisons

Figure 7 illustrates a comparison between the three non-linear dynamic procedures
(Cloud, Cloud to IDA and IDA) discussed herein. Table 1 shows the statistical param‐
eters for the fragility curves, where η is the median value of the fragility curve and β is
its standard logarithmic deviation.

366 A. Miano et al.



0 0.5 1 1.5
0

0.2

0.4

0.6

0.8

1

Sa(T
1
) [g]

P
ro

ba
bi

lit
y

IDA
Cloud to IDA
Cloud

Fig. 7. Fragility curves comparison.

Table 1. Statistical parameters for fragility curves.

Methodology η(g) β Number of analyses
Cloud 0.66 0.22 34
IDA 0.59 0.22 19 ∙ 34
Cloud-IDA 0.59 0.23 4 ∙ 34 + 4

4 Conclusions

Cloud to IDA procedure is proposed herein as an efficient procedure for implementing
incremental dynamic analysis (IDA), by exploiting both the data points and the statistic
estimates from a simple Cloud Analysis. The transverse frame of a shear-critical seven-
storey older RC building in Van Nuys, CA, which is modeled in Opensees with fiber-
section considering the flexural-shear-axial interactions and the bar slip, is employed in
order to illustrate this procedure. In particular, the procedure of Cloud to IDA manages
to get the same results (in terms of fragility and for this specific case-study structure) as
the complete IDA procedure based on only around 4 data point per ground motion record.
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Abstract. Reinforced concrete structures in service may be affected by aging,
which may include changes in strength and stiffness assumed in structural
design, in particular when the concrete is exposed to an aggressive environment.
In this context, this paper provides a computational probabilistic approach to
predict the time-evolution of the mechanical and geometrical properties of a
statically determinate r.c. structural system (i.e. bridge pier) subjected to
corrosion-induced deterioration, due to diffusive attack of chlorides, in order to
evaluate its service life. Adopting appropriate degradation models of the
material properties, concrete and reinforcing steel, as well as assuming appro-
priate probability density functions related to mechanical and deterioration
parameters, the proposed model is based on Monte Carlo simulations in order to
evaluate time variant axial force-bending moment resistance domains, with the
aim to estimate the time-variant reliability index. Finally, an application to
estimate the expected lifetime of a r.c. bridge pier is described.

Keywords: Reinforced concrete � Time-variant structural reliability
Monte carlo simulations � Corrosion-induced deterioration � Chlorides attack
Lifetime prediction

1 Introduction

Design of reinforced concrete structures is usually aimed at ensuring the performance
requirements considering the structural system intact and without taking explicitly into
account the progressive deterioration of system properties over time. Reinforced
concrete structures in service may be affected by aging, which may include changes
over time in strength and stiffness beyond the baseline conditions that are assumed in
structural design, in particular when the concrete is exposed to an aggressive envi-
ronment which may accelerate the risk of structural failure (Verma et al. 2014).
Therefore for r.c. structures, the structural performance should be considered
time-variant (ISO/DIS 13823 2006, Mori and Ellingwood 1993).

As for a structural system exposed to an aggressive environment, manyworks (LNEC
E-465 2005, Fitch et al. 1995) have been focused on the modelling aspects of diffusion,
corrosion and damaging process as well as of the life service prediction. Among the
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several studies and models developed over the years, Life-365 (Thomas and Bentz 2000;
Ehlen et al. 2009) is a computer-based model, developed by the American Concrete
Institute (ACI), useful to estimate the service life and life-cycle cost analysis of r.c.
structures. Biondini et al. (2004, 2006, 2008); Biondini and Vergani (2012) proposed a
general approach to the limit analysis of plane framed structures as well as to the prob-
abilistic prediction of the lifetime of r.c. frames with respect to structural collapse. In
particular, the structural system has been considered to be exposed to an aggressive
environment and the effects of the structural damaging process have been described by the
corresponding evolution in time of the axial force-bendingmoment resistance domains by
modelling both mechanical behaviour and aging process of structural elements through a
cellular approach and defining appropriate damage indices.Moreover, they also presented
a formulation of a three-dimensional r.c. deteriorating beam finite element for nonlinear
analysis of concrete structures under corrosion and investigated at a cross-sectional level
the time evolution of the uncertainty effects associated with the different parameters
defining the probabilistic structural performance of two existing cable-stayed bridges in
Italy subjected to deterioration process by means of time-dependent sensitivity factors
based on a regression of the simulation results (Biondini et al. 2008). It is noteworthy that,
due to the uncertainties in material and geometrical properties, in the magnitude and
distribution of the loads, in the physical parameterswhich define the deterioration process,
the time-variant structural safety should realistically be assured only in probabilistic
terms.

Within the time-variant reliability assessment of aging r.c. structures exposed to an
aggressive environment, this paper provides a reliability-based approach to predict the
time-evolution of the mechanical and geometrical properties of a statically determinate r.
c. structural system (i.e. bridge pier) subjected to corrosion-induced deterioration in
order to evaluate its service life. Following the same approach proposed in some of the
abovementioned studies (Biondini et al. 2004, 2006, 2008; Biondini and Vergani 2012),
also in this work, through Monte Carlo simulation the behaviour and resistance capacity
of the most stressed structural cross sections are analyzed over time considering all the
effects due to the chloride-induced deterioration process. Differently, this study provides
the reliability assessment by investigating how the material deterioration influences the
section mechanical response in probabilistic terms considering different eccentricity
values of the axial force. In particular, the structural response of r.c. systems is inves-
tigated by modelling the mechanical behaviour through a fiber-approach and consider-
ing, within the sectional analysis, some effects of the deterioration process due to the
chloride-induced reinforcement corrosion (Biondini and Vergani 2012; DuraCrete 1998;
CEB-FIB Task Group 2006; Samson et al. 2005; Marchand 2000), by adopting some of
the several models proposed in literature. Note that other degradation effects such as
buckling phenomena, shear capacity reduction, loss of steel-concrete bond strength and
diffusion-chloride corrosion interaction are herein neglected. The proposed methodology
is based on developing Monte Carlo simulations, by assuming appropriate probability
density functions related to mechanical and deterioration parameters, in order to define
axial force-bending moment resistance domains at different time instants, with the aim to
estimate the time-variant reliability of the structural element through the reliability index
b (Cornell 1969, Ditlevsen and Madsen 2004, Eurocode 0 2002) both for different axial
force eccentricity values and coefficients of variation (COV) values of the probability
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density functions (PDFs) related to loads and considering different values of the design
reliability index bd. In particular, for each axial force eccentricity value, the probability
density function related to axial force/bending moment resistance is considered
time-variant whereas the probability density function related to loads (axial
force/bending moment actions) is assumed time-invariant. It follows that, assuming a
target reliability index btarget and COV values of the probability density functions related
to actions as well as bd (design reliability index) values, it is possible to evaluate the
service life, or residual service life, of the concrete element subjected to corrosion for
each eccentricity value (Palazzo et al. (2015a, b)). Finally, an application of the proposed
prediction model to estimate the lifetime of a deteriorating reinforced concrete bridge
pier is discussed as example useful to describe the details of the proposed approach.

2 Deterioration Modelling Due to Reinforcement Corrosion

Within reinforced concrete structures, among the most common environmental dete-
rioration factors, reinforcement corrosion, generally associated to carbonation (induc-
ing uniform corrosion) and chloride diffusion (inducing pitting corrosion), is
considered the most significant degradation mechanism (Collepardi 2010, Broomfield
1997) and, as described in the model proposed by Tuutti (1982), it is basically a
two-phase process consisting of the initiation and propagation phases. Thus, corrosion
may affect a r.c. structure inducing many effects such as loss of steel cross-sectional
area, loss of steel bars ductility, concrete strength reduction, degradation of concrete
cover, cover spalling and loss of steel-concrete bond strength. All the effects of the
material deterioration begin only when reinforcement corrosion has begun. In order to
model the abovementioned effects, it is necessary to determinate the corrosion initiation
time, that is the time required by chloride content at rebar depth to reach the threshold
value Ccrit.

Although in most cases the diffusion process is more properly described by two- or
three-dimensional patterns of concentration gradients depending on the geometrical
aspect ratio of the cross-section, location of reinforcing steel bars and exposure con-
ditions (Titi and Biondini 2016), the chloride ingress in concrete is herein modeled
using the Fick’s diffusion equation in a simplified one-dimensional (1D) form through
the law proposed by DuraCrete (DuraCrete 1998; CEB-FIB Task Group 5.6 2006),
employed also in similar studies (Ghosh and Padgett 2010; Kashani et al. 2012;
Pitiliakis et al. 2014) and expressed by Eq. (1):

Cðx; tÞ ¼ CS 1� erf
x

2
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

kt � ke � DRCM � t0
t

� �n
q

0

B

@

1

C

A

2

6

4

3

7

5

ð1Þ

where C(x,t) is the chloride concentration (expressed in kg/m3) at the cover depth x
(expressed in m) and at the time t(s), Cs is the equilibrium chloride concentration at the
concrete surface expressed as a percentage by weight of cement (wt% cement), kt is the
transfer variable defined deterministically according to FIB-CEB Task Group 5.6 (2006)

Lifetime Axial-Bending Capacity 373



equal to 1, ke is the environmental transfer variable, DRCM is the chloride migration
coefficient (expressed inm2/s), t0 is the reference point of time and is equal to 0.0767 years
(28 days); t is the elapsed time (years), n is the aging exponent and erf is theGaussian error
function. In order to investigate the corrosion effects as functions depending on time,
corrosion rate needs to be predicted by adopting themodel proposed by Liu eWeyers (Liu
andWeyers 1998), that considers several different environmental factors and is described
by Eq. (2):

icorr ¼ 0:926 � expð7:98þ 0:7771 � ln 1:69 � Ctð Þþ
� 3006

T � 0:000116Rc þ 2:24t�0:215Þ ð2Þ

where icorr is the corrosion rate (expressed in lA/cm2), Ct is the chloride concentration
(wt% cement), given by Eq. (1), T is the temperature (K) at rebar depth; Rc is the
electrical resistance of the concrete cover (X); t is the time (years). The term Rc is given
by the Eq. (3):

Rc ¼ exp 8:03� 0:549 � ln 1þ 1:69 � Ctð Þ½ � ð3Þ

3 Lifetime Prediction Methodology

The proposed prediction model is based on modelling both axial-flexural mechanical
behaviour and corrosion-induced aging process of a r.c. structural element through a
fiber model of the cross section subjected to maximum actions in terms of axial
force-bending moment by considering the non-linear behaviour of the materials and
taking into account the following degradation-induced effects:

• loss of steel cross-sectional area, evaluated through the model of Val et al. (1998),
which takes into account the pitting corrosion;

• loss of steel bars ductility, taken into account through the reduction of the steel
ultimate deformation esu by using the experimental model proposed by Biondini and
Vergani (2012);

• concrete strength reduction, degradation of concrete cover and cover spalling,
evaluated according to the model proposed by Coronelli and Gambarova (2004).
Within the fiber-model, as long as the loss of steel-concrete bond strength cannot be
taken into account, a limit strain value of the reinforcing steel bar equal to 1% is
assumed as also adopted by Biondini et al. (2008); Biondini and Vergani (2012).

The first step consists of providing the input data, i.e. the geometrical dimensions of
the cross-section, the design life, as well as defining the PDFs of each random variable
related both to model the corrosion-induced degradation process (i.e., temperature,
surface chloride concentration, etc.) and mechanical properties of the materials (i.e.,
concrete and steel strength).

The second step consists of modelling the linear and non-linear mechanical
behaviour of materials by defining the stress-strain relationships both for reinforced
concrete and reinforcement steel, also considering effects of lateral confinement for
concrete (Saenz 1964; Kent and Park1971; NTC 2008; Okamura et al. 1985).
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The third step consists of developing Monte Carlo simulations. In particular, at the
initial time instant (t0 = 0 years), the materials mechanical properties and the deteri-
oration modelling parameters are obtained for each sample generated within the Monte
Carlo simulations. The number of the generated samples should be high to give validity
to the probabilistic model, and, obviously, the accuracy increases with the sample size.
It follows that the number of the generated samples should be increased until the
statistical values of the results, evaluated at step 5, are not characterized by significant
variations anymore.

Subsequently, considering the relations between the different effects due to the
degradation, within the fourth step, the time-evolution of the different properties of the
material (reinforced concrete) and the variation of the geometry of the resistant section
of the structural element are modelled for each time instant along its design life.

The fifth step consists of evaluating the effects of the deterioration process over
time by defining the bending moment-curvature diagrams M–v for different eccen-
tricity values at each instant time in order to define the resistance domain NR(t)–MR(t)
(axial force-bending moment) variable over time (time-variant resistance domain).
Using appropriate COV values of the PDFs regarding actions, referring to the design
reliability requirements bd provided by the codes and assuming that the structure is
designed according to the principle of cost minimization, it is also possible to obtain the
actions domain NS–MS at time t0 (initial time), supposed time-invariant.

Finally, in the last step, by comparing actions domains (time-invariant) and resis-
tance domains (time-variant), the reliability index b(t) at each time instant within the
design life can be estimated for different axial force eccentricity values and considering
different COV values of the PDFs related to actions as well as also for different bd
values. It follows that the expected structural lifetime T, associated with a prescribed
target reliability level btarget, can be evaluated.

4 Case Study

The interlocking cross-section of a bridge pier in Memphis (USA) (Hwang et al. 2001)
is only assumed as reference section to apply the proposed approach. The concrete
column bent consists of four 4.57 m high, 0.914 m diameter (D) columns. The cross
section of the column is shown in Fig. 1.

The vertical reinforcing steel of the column consists of 17, 22 mm diameter and grade
40 vertical bars. The cover depth is 50 mm and the stirrups consist of 10 mm bars with
200 mm spacing. A relatively aggressive atmospheric exposure environment is assumed
for an adverse chloride induced deterioration scenario, corresponding to the exposure
classes XD3 or XS1 defined by the European Standard (UNI EN 206-1 2006), and a w/c
ratio equal to 0.5 is adopted (DuraCrete 1998). It is also assumed that the cross section is
characterized by homogeneous properties as well as the parameters related to the envi-
ronmental exposure are uniform around the circumference of the pier section and that the
corrosion uniformly affects each reinforcing bar. From these hypotheses, it follows that
the degradation process diffusion and effects such as the cover spalling occur at the same
time and way within the concrete cover of the cross section without considering
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localization effects which can captured by FEM or cellular approaches (Biondini et al.
2004, 2008,Titi andBiondini 2016). The statistical quantification of themodel parameters
describing the chloride induced corrosion and the mechanical properties of materials
adopted in the present study is provided inTable 1.Note that the temperature effects on the
concrete behaviour (Ripani et al. 2014, 2016; Vrech et al. 2015; Mroginski et al. 2015;
Etse et al. 2013, 2014, 2015, 2016) are not considered. Assuming a design life of 100
years, a usual expected lifetime of bridges (NTC 2008), time intervals of 10 years are
analyzed, thus, 11 time instants are examined, from t0, corresponding to the initial time
(end of construction of the structural element), to t10, corresponding to 100 years, in order
to develop the time-variant analysis aimed at predicting the lifetime T of the considered
bridge pier column.

Fig. 1. Cross section of the examined column.

Table 1. Cumulative distribution functions (CDFs) and corresponding parameters.

Parameter Distribution Mean (l) COV

Temperature of the structural element or the
ambient air T, K

Normal 290.35 0.20

Chloride migration coefficient DRCM, m
2/s Normal 1.58 E–11 0.20

Critical chloride concentration Ccr, % Beta truncated
(limits: 0.2–2.2)

0.4 0.25
(a = 9.2)
(b = 13.8)

Aging exponent n Beta 0.3 0.05
(a = 279.7)
(b = 652.6)

Environmental function ke Normal 0.67 0.10
Surface chloride concentration Cs, % Normal 1.2825 0.20
Concrete strength fc, MPa Normal truncated

(lower limit = 0)
31 0.20

Steel strength fsy, MPa Lognormal 336 0.11
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4.1 Deteriorating Process and Monte Carlo Simulations

For each sample generated through the Monte Carlo simulations, the evolution of the
deteriorating process is evaluated during the design life. Therefore, for each time instant,
the results are processed in probabilistic terms, by assuming normal or lognormal
probabilistic distributions (Fotopolulou et al. 2012; Biondini et al. 2014). The first factor
to be determined is the corrosion initiation time, through the Eq. (1), by adopting a
lognormal distribution with mean and standard deviation values equal, respectively,
29.8 years and 25.5 years. Once the protective passive film around the reinforcement
dissolves due to continued chloride ingress, corrosion and all its induced effects occur.
Assuming a normal distribution, within the reinforcing steel of rebars and stirrups, the
time evolution of the mean value of the cross-sectional area A(t) is computed. Figure 2
shows the time evolution of the mean value and the PDFs of the cross-sectional area A
(t). As expected, the variability in the loss of area A(t) tends to increase with the time due
also to the cover spalling which increases the rate of corrosion. At 100 years, the loss of
sectional area is about 13%. As shown in Fig. 3, another effect of the pitting corrosion is
the loss of steel ductility. It begins at about 40 years and, assuming a normal distribution,
there is an average loss of about 22% after 100 years.

As described in the previous sections, Monte Carlo simulations have been performed
in order to obtain the bending moment-curvature diagrams M–v, at each time instant for
different axial force eccentricity values and, then, define the resistance domain NR(t)–
MR(t) (axial force-bending moment resistance) at each time instant. The structural reli-
ability is issued through the reliability index b as explained in the previous section. In
order to estimate the lifetime T of the structural element, the reliability index or failure
probability, evaluated at each time instant during the aging process, is compared to a

Fig. 2. Time evolution of mean values related to the cross sectional area of the reinforcing steel
A(t).
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prescribed target reliability index or failure probability related to a period of interest equal
to 1 year, since the corrosion process is not treated as stochastic process.

Considering the design reliability index bd equal to 5.2 and 4.2, related to the
reliability classes RC3 and RC1 respectively as suggested by Eurocode 0 (2002), two
cases of the coefficient of variation COV, equal to 0.2 and 0.1 respectively, according
to COV values related to external loads PDFs (Ellingwood et al. 1982), have been
considered to define the mean and standard deviation values of the PDFs related to
actions for each axial force eccentricity value at the initial instant time. More details
may also be found in Palazzo et al. (2015a, b). In Fig. 4, the values of the eccentricity
with the corresponding indices are shown.

Assuming the above-mentioned PDFs as time-invariant, it has been possible to
evaluate the structural reliability index b(t) of the bridge pier over time for the different
values of the axial force eccentricity. Figures 5 and 6 show the value of b(t) and failure

Fig. 3. Time evolution of mean values of the steel ultimate deformation esu.

Fig. 4. Straight lines indicating the axial force eccentricity values employed in the analyses.
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probability for every eccentricity value and time instant, referring to COV value equal
to 0.2 and 0.1 respectively. Note that there is a reduction of b(t) over time, increase of
the failure probability, particularly for average eccentricity values, for which the
moments reach higher values. In the worst case, the probability of failure gets down
from the initial value of 10−7 to about 10−3. By comparing the 2 cases, it is obvious
how in the second one there is a more accentuated reduction of the b values. This
implies that the reliability decreases with decreasing of the COV characterizing the
PDFs of the actions. Finally, the expected structural lifetime T associated to a pre-
scribed reliability level btarget is evaluated.

Fig. 5. Time evolution of the reliability index b(t) with bd = 5.2 and COV = 0.2.

Fig. 6. Time evolution of the reliability index b(t) with bd = 5.2 and COV = 0.1.
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Table 2. Expected lifetime T considering bd = 5.2 and COV = 0.1.

Expected lifetime T [years] – bd = 5.2 (Pf = 10−7) – COV = 0.1
Eccentricity index btarget = 3.09

(Pf = 10−3)
btarget = 3.72
(Pf = 10−4)

btarget = 4.27
(Pf = 10−5)

1 100 100 100
2 100 100 90
3 100 100 90
4 100 100 80
5 100 100 80
6 100 90 70
7 80 70 60
8 80 70 60
9 90 70 60
10 90 80 60
11 100 80 60
12 100 80 70
13 100 80 70
14 100 80 70
15 100 100 100

Table 3. Expected lifetime T considering bd = 5.2 and COV = 0.2.

Expected lifetime T [years] – bd = 5.2 (Pf = 10−7) – COV = 0.2
Eccentricity index btarget = 3.09

(Pf = 10−3)
btarget = 3.72
(Pf = 10−4)

btarget = 4.27
(Pf = 10−5)

1 100 100 100
2 100 100 90
3 100 100 90
4 100 100 80
5 100 100 80
6 100 90 70
7 90 70 70
8 90 70 60
9 100 80 60
10 100 80 70
11 100 80 70
12 100 80 70
13 100 80 70
14 100 90 70
15 100 100 100
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Tables 2 and 3 show the case related to the value of the design reliability index,
bd = 5.2 and various thresholds of the target reliability index btarget, such as 3.09
(Pf = 10−3), 3.72 (Pf = 10−4) and 4.27 (Pf = 10−5). Analyzing the different results
obtained concerning the expected life of the structural element, it can be observed that in
the extreme case, with high reliability limit values (btarget = 4.27), the expected life is
equal to 60 years. In all other examined cases, however, the prediction of the expected
life is equal or exceeds 70 years. The results presented in this study demonstrate that a
structural element, such as a bridge pier, subjected to high values of the bending moment
actions (average axial force eccentricities) is mainly affected by the chloride-induced
deterioration effects which lead to a strong reduction of the safety level. Indeed,
structural retrofit aimed at reducing the bending moment actions, such as seismic
isolation technique (Castaldo and Tubaldi 2015; Castaldo et al. 2015; 2016a, b, c;
Castaldo and Ripani 2016; Palazzo et al. 2014), or protective and maintenance measures
are necessary.

5 Conclusions

The structural lifetime of a deteriorating reinforced concrete element (i.e., bridge pier),
exposed to an aggressive environment, is investigated by proposing a computational
fiber-approach to predict the time-evolution of the mechanical and geometrical prop-
erties of the corresponding most stressed cross section considering the damaging
process induced by the diffusive attack of chlorides. The prediction model is based on
Monte Carlo simulations, by assuming appropriate probability density functions related
to mechanical and deterioration parameters, in order to define time-variant axial
force-bending moment resistance domains with the aim to estimate the time-variant
reliability of the structural element through the reliability index b and investigate how
the material deterioration influences the section mechanical response in probabilistic
terms considering different axial force eccentricity values. In particular, assuming a
target reliability index btarget and COV values of the probability density functions
related to loads as well as bd values, it is possible to evaluate the service life, or residual
service life, of the concrete element subjected to corrosion for each axial force
eccentricity value. On the basis of the hypotheses as well as effectiveness and accuracy
of the laws employed to model the deterioration process, the application of the pro-
posed model to estimate the lifetime of a deteriorating reinforced concrete bridge pier,
exposed to an aggressive environment corresponding to the exposure classes XD3 or
XS1, shows that the proposed approach predicts the time-variant structural resistance
and the corresponding remaining lifetime that can be assured under prescribed relia-
bility levels without maintenance. From the obtained results it is possible observe that
the structural elements subjected to high values of the bending moment actions
(average axial force eccentricities) are mainly affected by the chloride-induced dete-
rioration effects. As for existing r.c. infrastructure in aggressive environments, it fol-
lows that the proposed approach can be used to evaluate their service lives and
establish the optimal time instant when structural retrofit or protective and maintenance
measures are necessary, based on economical analysis, in order to elongate their life-
times. As for new r.c. infrastructure in aggressive environments, the proposed model
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can also be used in order to design structural system less vulnerable to corrosion
process provided that economic benefits exist.
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Abstract. Limitation of monetary losses due to earthquakes can improve resil‐
ience in developed countries. Computation of losses with the PEER performance-
based earthquake engineering framework (Porter 2003) normally entails
performing a number of Non-linear Response History analyses as a basis for
assessment of expected Engineering Demand Parameters and associated losses,
that is an elaborate and time-consuming task. In (ATC 2012) an alternative
quicker approach relying on simplified modeling and analysis with SPO2IDA is
also envisaged. This paper tests the applicability of simplified method using
pushover based analysis and CSM method. In particular, it compares the losses
obtained for a non-conforming reinforced concrete moment frame building
starting from the classical approach, i.e. based on Non-linear Response History
analyses, with the one computed with pushover-based assessment. Moreover, it
evaluates the reduction of losses after building retrofit with the pushover-based
analysis.

Keywords: Economic losses · Pushover · Retrofit

1 Introduction

Seismic risk is a key factor influencing several important decision-making processes
from performance-based design of new structures, to investments for rehabilitation of
existing buildings and even to seismic mitigation campaigns of large building stocks.
Within the PEER performance-based earthquake engineering (PBEE) framework
(Porter 2003) the economic losses are adopted as one of the metrics for measuring
seismic risk. In the framework, direct economic losses, that include costs for repairing
or replacing damaged buildings, are strongly influenced by the probability of replace‐
ment of building (i.e. probability of collapse). Further, if a mitigation action is imple‐
mented, the earthquake economic losses are generally reduced, while the costs of
building retrofit should be included in the evaluation process (Liel and Deierlein 2013;
Polese et al. 2017; Gaetani d’Aragona et al. 2017). In FEMA P-58 (ATC 2012), the
implementation of the PEER framework is described considering either Non-linear
Response History (NLRH) based analyses, or a quicker approach relying on simplified
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modeling and analysis of the building response that involves the adoption of the
SPO2IDA (Vamvatsikos and Cornell 2006) for computation of building fragility.

Starting from the idea of simplifying the computational effort normally required for
implementation of the PEER framework, the present paper tests the applicability of
standard pushover analysis in combination to the capacity spectrum method, CSM,
(Fajfar 1999) as a basis for the assessment of engineering demand parameters (EDPs)
and related damage and losses. The results of detailed evaluation with standard PEER
PBEE approach, entailing the execution of a number of Nonlinear Response History
(NLRH) analyses and evaluation of EDPs, are compared with results obtained through
pushover based assessment of EDPs for a case study non-ductile reinforced concrete
(RC) building. In addition, the effect of alternative retrofit strategies is investigated and
the variation of expected losses estimated, showing encouraging results on the possi‐
bility to adopt pushover-based analyses for estimation of expected costs.

The following section briefly describe the different methods for computation of
economic losses. Next, Sect. 3 presents an application of the detailed and simplified
assessment, comparing the results. Finally, Sect. 4 describe the design of possible retrofit
schemes and the evaluation of seismic vulnerability reduction as well as of variation of
losses with both detailed and simplified approaches.

2 Computation of Losses Within the PEER PBEE Framework

The PEER PBEE framework, that is probably the most refined procedure currently
available, allows quantifying different seismic performance measures such as expected
number of injuries or Deaths, economic losses (e.g. expressed in terms of Dollars) and
time to recovery or Downtime (the 3Ds). The general approach to loss estimation relies
on structural analysis to calculate engineering demand parameters (EDPs) such as
deformations and accelerations throughout the structure during an earthquake, which
are used to predict the damage in structural, non-structural components, and building
contents. Damages are the base for computation of expected losses in terms of one or
more of the established metrics (e.g., economic losses in dollars or casualties). The
framework operates with four analysis stages: hazard analysis, structural analysis,
damage analysis and loss analysis, as synthetically shown in Fig. 1.

Fig. 1. PEER framework

The outcome of each analysis is then integrated using the Total Probability Theorem,
allowing to take into account combined numerical integration of all the conditional
probabilities and to propagate the uncertainties from one level of analysis to the next,
resulting in probabilistic prediction of performance. As noted in Calvi et al. (2014) the
PEER framework is very flexible, since no restrictions are imposed on the approach used
to quantify hazard, to perform structural analysis and to relate EDPs to losses and other
performance measures. Of course, the results will depend on the assumptions made in
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applying the procedure and the risk parameters of interest. Different applications of the
PEER framework, implementing component-based (e.g. Aslani and Miranda 2009;
Ramirez et al. 2012) or storey-based damage assessment (e.g. Ramirez and Miranda
2009), are available. In this study, a component-based approach is adopted.

In Sect. 2.1 the implementation of the PEER framework proposed by Yang et al.
(2009) is synthesized, while Sect. 2.2 describes the main differences in the application
when pushover based structural analyses for evaluation of EDPs are employed.

2.1 Implementation of the Performance-Assessment Framework
for Repair Cost Evaluation

The performance assessment procedure implemented in Yang et al. (2009) starts from
the identification within the considered facility of the relevant performance groups
(PGs), i.e. groups of structural or nonstructural components whose performance is simi‐
larly affected by a particular EDP, e.g. acceleration at a given story or IDRmax at another
story.

For each PG significant damage states that have a clear correlation with repair actions
(and related costs) shall be identified and suitable damage model defined; the latter are
expressed in terms of component-level fragility curves, relating EDP (e.g. maximum
interstorey drift ratio, IDRmax) to the probability of attaining different damage states for
the assigned component type (e.g., Fig. 2). In order to allow for quantitative evaluation
of the needed repair actions, the number of components or their measurable extension
within each PG of the considered facility is estimated.

Fig. 2. Example of adopted fragility curve

After selection, e.g. with conventional seismic hazard analysis, of suites of ground
motion records, the response of the building is evaluated using NLRH analysis. To allow
statistical characterization of EDP at various intensity levels the authors suggest the
execution of a number of NLRH analyses with suites of ground motions and for
increasing level of hazard. The peak EDP values obtained with NLRH analyses for each
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record are summarized in an EDP matrix (one matrix for each intensity level); the latter
has one column for each considered EDP and one row for each record. Starting from
EDP matrices evaluated with structural analysis, additional EDPs are estimated with a
simulation-based method that, assuming a joint lognormal distribution among the
parameters, enables the generation of large numbers of artificial EDP vectors that have
the same statistical distribution as the data that were derived with NRH analyses. This
way, large sample of realizations necessary to perform loss evaluations are obtained,
and additional sources of uncertainties can be accounted for ATC (2012). The generic
EDP realization corresponds to a state of damage. In order to select among possible DSs,
given the EDP, a Montecarlo simulation is performed, extracting a random number from
the uniform distribution over the interval [0, 1]. For example, if the uniform random
number generator produces a number of 0.6 and the EDP value shown in Fig. 2 is 2.5%,
the PG is in DS3.

Finally, considering the repair quantities for each item in the PG, multiplying by a
unit repair cost (for each DS) and summing over all items, the total repair cost for the
building is computed.

2.2 Pushover Based Assessment

A key aspect in the procedure described in Sect. 2.1 is the execution of a number of
structural analyses performing NLRH with a suite of ground motion records and for
different levels of hazard, i.e. for increasing intensity levels. On the other hand, a simpler
approach for practitioners is desirable (Polese et al. 2013).

Static nonlinear pushover PO, under its applicability hypotheses, allows to investi‐
gate a building’s nonlinear behavior, assessing damage progression and related variation
of displacement profile for increasing levels of seismic demand. Moreover, SPO allows
investigation of damage distribution within the structural system, hence representing a
useful tool in the assessment of post-earthquake condition. SPO may be employed for
simplified response calculation; by applying the CSM to the capacity curve resulting
from pushover analysis (Fajfar 1999), the building response to earthquakes of assigned
spectral shapes may be found. Scaling the demand spectrum, median expected drift
profiles for increasing levels of earthquake intensity can be obtained, hence EDPs in
terms of IDRmax are determined. Median peak floor acceleration (PFA), can be derived
using existing proposals in literature (Petrone et al. 2015; Vukobratović and Fajfar
2016; Sullivan et al. 2013; ATC 2012). According to FEMA P-58 (ATC 2012), PFA at
floor i can be calculated as a function of peak ground acceleration (PGA) and an accel‐
eration correction factor Hai (see Eq. 1) depending on the strength ratio S, the elastic
period of the building T, building height H and the height above the effective base of
the building to floor level i, hi.

a∗

i
= Hai

(
S, T , hi, H

)
⋅ PGA i = 2 to N + 1 (1)

Statistical distributions of the relevant EDPs (e.g. IDRmax of PFA at the different
floors) can be derived hypothesizing they have a lognormal distribution and considering
the obtained median values (one for each considered intensity level) and suitable
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dispersions β. By introducing values of dispersion due to modeling uncertainties βm and
inherent randomness associated to earthquake variability, βΔ or βa for drift or accelera‐
tion respectively, a global value of β (indicated as βD) may be calculated and EDP prob‐
abilistic distribution obtained for each considered intensity level (see e.g. Eqs. 2 – valid
to assess drift dispersion - and 3). In Eq. 3, d̂IM is the median value of drift demand
obtained from application of CSM using the demand spectrum scaled at the generic
intensity level IM.

𝛽D =

√
𝛽2
Δ
+ 𝛽2

m
(2)

P
[
drift > d|IM

]
= Φ

[
1
𝛽

⋅ ln

(
d

d̂IM

)]

(3)

Suitable values of βm and of βΔ or βa are suggested in FEMA P-58 as a function
of available information for modeling (for βm) or period and strength ratio S (for βΔ
and βa).

Once the probabilistic distribution of EDP (e.g. IDRmax) at each level of considered
intensity are obtained, they can be used similarly to the approach described in Sect. 2.1
for computation of expected losses.

3 Application for a Case Study Building

3.1 Building Model

The building selected for this study is a seven-story five-bay frame representative of
mid-rise non-ductile reinforced concrete building, see Fig. 3, extracted from the
perimeter moment resisting frame of the Van Nuys Holiday Inn located in Los
Angeles, California.

The concrete nominal strength is f ′c = 5 ksi for the first story columns, 4 ksi for the
second story columns and second floor beams, and 3 ksi for columns from third story
to the seventh and for beams from the third floor to the roof. Column sections is constant
along the height and equal to 14″ × 20″. For further details, please refer to Krawinkler
(2005).

A two-dimensional finite element multi-degree of freedom model developed using
OpenSees (2016) is adopted to simulate the seismic response of the building. Beams
and columns are modelled using the nonlinear beam-column element (Spacone et al.
1992). The joints are modeled adopting the “scissor model” by Alath and Kunnath
(1995), including a pinching hysteric behavior (Hassan and Mohele 2012) to account
for the nonlinear shear deformation of the joint. Shear and axial failures of columns are
explicitly modeled using the Limit State material (Elwood 2004). P-Δ effects are not
included.
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The eigenvalue analysis of the original structure provides a fundamental vibration
period of 1.05 s. A damping of 2% is assigned to the first and third modes using Rayleigh
damping.

To capture the actual capacity for the original non-ductile frame, this study considers
two possible system-level collapse mechanisms: Side-sway collapse (SSC) and Gravity
load collapse (GLC). The SSC occurs when a single storey has reached its capacity to
withstand lateral loads (i.e., when every column in a given floor has reached its residual
shear capacity at the same time). GLC occurs when vertical load demand exceeds the
total vertical load capacity at a given storey. Collapse is detected based on a comparison
of storey-level gravity load demands and capacities (adjusted at each time step to account
for member damage and load redistribution). An internal algorithm monitors the dynam‐
ically varying capacity of each element and checks the GLC and SSC criteria throughout
each nonlinear time history analysis to detect the collapse (with a precision of 0.05 g).
The collapse is considered as the first between GLC, SSC.

Fig. 3. Schematic view of the frame with element number and column rebar arrangement
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3.2 NLRH-Based Analysis and Costs Evaluation

In this section, NLRH analyses are initially adopted to estimate building’s collapse
capacity through successive scaling until collapse (Vamvatsikos and Cornell 2002) and
to estimate building response in terms of EDPs. NLRH analyses are performed for
increasing intensities of the seismic action appropriately scaling each record to cover
the entire range of structural response, from elastic to ultimate response. In order to
perform NLRH analyses, the set of 30 ground motions adopted in Vamvatsikos and
Cornell (2005) is adopted.

Applying the procedure outlined in Sect. 2.1, and considering a total of 1000 reali‐
zations for each intensity level to obtain stable cost estimates, total repair costs are
obtained.

Figure 4, gray lines, shows the complementary cumulative distribution function
(CCDF) of the total repair cost of the building normalized by building replacement cost
(including expected demolition costs), cr, obtained through the dynamic approach; seven
different intensity levels ranging from 0.1 g to 0.7 g are considered.

Fig. 4. CCDFs of total normalized repair costs (cr) for different PGAs obtained through NLRH
(gray) and SPO (black) procedure

Figure 4 shows that with the increase of the damaging action the repair cost inflates
making the curve translate rightward, while dispersion of results increases. It can be
noted that a median cr of at least 24% is expected even for a PGA = 0.1 g; this can be
explained considering the high incidence of nonstructural components and contents that
significantly contribute to damage and costs even for lower levels of the seismic action.
It is worth to note that the cr is strongly influenced by the number of collapse cases
occurred during the simulation process; consequently, its influence increases as PGA
increases (i.e., the probability of collapse increases).
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3.3 Pushover Based Analysis and Costs Evaluation

Mass proportional and 1st mode proportional SPO are performed. Both analyses indicate
the activation of a 1st story collapse mechanism, with attainment of gravity load collapse
at a roof displacement ΔTop of 25.7 and 28.1 cm respectively, corresponding to drifts of
6.24 and 6.84%.

Figure 5 shows the two pushover curves along with the results of the NLRH analysis,
expressed in terms of roof displacement vs base shear, for record Imperial Valley scaled
at an intensity of PGA = 0.5 g. First story collapse mechanism is attained for 93% of
the considered records.

Fig. 5. Comparison between Mass and 1st Mode-proportional SPO and NRHA for Imperial
Valley 1979 record scaled at PGA = 0.5 g.

The capacity curves obtained from SPO analyses are transformed in multi-linear
curves representing the backbone curve of equivalent SDOF system and IN2 method
(Dolšek and Fajfar 2005) is applied to compute building capacity and to obtain seismic
demand for earthquakes of varying intensity level. The spectrum utilized to apply IN2
method is the mean spectrum of the 30 records utilized for NLRH analyses. Seismic
capacity is expressed in terms of peak ground acceleration and indicated as PGAc(g).

In particular, the mean result from both SPO analyses is considered, obtaining
PGAc,SPO = 0.61 g. Median capacity from NLRH analyses (indicated as η in Fig. 5) is
PGAc,NLRH = 0.64 g.

Figure 6 shows the collapse fragility curves obtained from NLRH analyses and with
SPO based approach. The latter curve is built considering PGAc,SPO as median capacity
(=ηSPO) and the logarithmic dispersion β = 0.5, as indicated in Kosič et al. (2014) for
mid-rise old RC frame buildings. It can be noted that the fragility curve representation
obtained starting from SPO analyses allows a fair approximation of NLRH based curve.
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Fig. 6. Collapse fragilities for the original building obtained through NLRH and SPO approach
and for the two retrofit configurations (wrap1 and wrap12) through SPO

In Fig. 4, curves obtained with the SPO approach are depicted in black along with
cr curves from NLRH approach. Curves obtained adopting SPO approach show a very
similar trend to curves obtained with NLRH. In particular, the SPO-based curves slightly
underestimate total repair costs for lower intensities, while lead to an overestimation of
costs for higher intensities.

However, the scatter between detailed and simplified approach is very low. In fact,
the higher error between two calculations is attained for PGA = 0.7 g, where the ratio
between the static and the dynamic cr is about 9.5%.

4 Building Retrofit and Evaluation of Losses

4.1 Design of Building Retrofit

The retrofit strategy consists in the application of CFRP layers to enhance the structural
performance of RC columns. The wrapping is applied to all columns of selected stories
and columns are fully wrapped for their entire height to provide an efficient confinement
effect. Column wrapping is designed in order to prevent columns shear failure after
yielding. In particular, the ACI 369R-11 (2011) is adopted in the design process in order
to provide a shear resistance such that flexural failure is ensured (ACI 440 2008). Two
different wrapping configurations are adopted: in the first configuration (wrap1) columns
at 1st story are fully wrapped, while in the second (wrap12) columns at 1st and from 2nd

story are fully wrapped, allowing a higher increment of displacement capacity.
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When CFRP wrapping is applied, an additional collapse criterion is considered:
when in that storey a small increase in ground-shaking intensity causes a large increase
in lateral drift response, or when IDRmax exceeds the 10% threshold.

Fig. 7. SPO curves obtained with Mass-proportional load pattern for original building and for
the two retrofit configurations (wrap1 and wrap12)

4.2 Reduction of Seismic Vulnerability

Figures 7 and 8 show the SPO curves obtained with Mass-proportional and 1st Mode-
proportional load patterns for the three building configurations.

As it can be seen, in both cases the retrofit intervention allows an increase of building
capacity, more sensible in the case of wrap12. Coherently, the collapse fragility curves
obtained using IN2 (i.e. determining the median capacity with IN2 and considering
lognormal standard deviation β), shown in Fig. 6, evidence a higher shift of the curve
of wrap12 with respect to original building if compared to the shift of wrap 1.

In fact, the median capacity for wrap1 increases from the original value of
PGAc,SPO = 0.61 g to PGAc,SPO,wrap1 = 0.76 g while for the wrap12 configuration it
increases up to PGAc,SPO,wrap12 = 1.14 g.
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Fig. 8. SPO curves obtained with 1st Mode-proportional load pattern for original building and
for the two retrofit configurations (wrap1 and wrap12)

4.3 Expected Losses for Retrofitted Building

Total repair costs are calculated for three building configurations and different earth‐
quake intensities adopting the SPO approach and the procedure outlined in Sect. 2.2.
For each simulation, the cost of retrofit is added to total repair costs. Figure 9 shows the
CCDFs of the cr obtained through the SPO approach for three different PGAs and three
considered building configurations. Figure 9 shows that the effectiveness of the retrofit
strategy varies depending on the earthquake scenario. In particular, wrapping results to
be ineffective for lower intensities where repair costs are mainly ascribable to damage
in acceleration-sensitive components and the probability of collapse is negligible. Since
the applied strategies do not modify the dynamic response of the building very similar
results for three building configurations are expected. As the intensity of ground motion
increases, the influence of collapse cases on total repair cost becomes more noticeable.
For this reason, the effectiveness of retrofit increases since the probability of collapse,
conditioned on a given PGA, reduces for wrap1 and wrap12. For instance, for
PGA = 0.7 g the median value of normalized repair cost drops from 79% for the original
building, to 64% for wrap1 and 57% for wrap12.
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Fig. 9. CCDFs of total normalized repair costs (cr) for different PGAs obtained through SPO
procedure

5 Conclusions

The study presented in this paper aims at contributing in the evaluation of the usability
of a simplified SPO-based approach for the computation of total repair costs.

The efficiency of the SPO approach is demonstrated through an application to a case-
study building representative of an existing non-ductile reinforced concrete frame. The
response of the frame is simulated using a refined 2D finite element model that properly
accounts for possible brittle failures of structural members and captures typical non-
ductile RC frames failure modes.

The first comparison in terms of collapse fragility shows that the SPO, coupled to
the IN2 method (Dolšek and Fajfar 2005), fairly captures the median capacity of the
building with an error of just 3%.

Then, the results in terms of total repair costs obtained starting from the classical
NLRH approach are compared to those obtained through a SPO-based approach. For
both cases, total repair costs are calculated adopting the PEER PBEE framework (Porter
2003) using a Montecarlo simulation. Additional EDPs are generated using a simulation-
based method (Yang et al. 2009). In the static approach the IN2 method for increasing
intensities is applied and the EDPs in terms of interstorey drift are calculated, peak floor
accelerations are obtained adopting simplified formulas (ATC 2012). Suitable disper‐
sions are adopted to account for uncertainties not accounted for in SPO.

The results show that a normalized repair cost (cr) of at least 24% are expected even
for the lower considered intensity, due to the high incidence of nonstructural components
and contents even for lower levels of the seismic action. Further, cr is strongly influenced
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by the number of collapse cases occurred during the simulation process; consequently,
the incidence of collapse increases as the PGA increases.

The SPO approach shows encouraging results leading to very similar losses obtained
through the more refined method. In fact, the scatter between two methods is limited,
and the higher error is attained for PGA = 0.7 g, where the ratio between the SPO and
the NLRH median cr is of about 9.5%. This suggest that, although the results SPO-based
procedure will be inevitably affected by a certain degree of approximation with respect
to NLRH analyses, the level of approximation is justified in the view of a significant
reduction of computational burden.

Finally, the SPO approach is implemented considering two possible retrofit schemes
adopting CFRP wrapping in the first (wrap1) and first two storeys (wrap12). In both
cases the retrofit intervention allows an increase of median building capacity, particu‐
larly noticeable for wrap12 (about 87%).

The results of cost analysis shows that, the effectiveness of the wrapping scheme
varies depending on the earthquake scenario. For lower intensities both retrofit strategies
do not lead to a reduction of repair costs since they are mainly ascribable to damage to
acceleration-sensitive components, while the building response in the elastic range is
not modified by the retrofit (i.e., the peak floor accelerations do not vary). The effect
becomes more relevant for higher intensities, since the probability of collapse signifi‐
cantly reduces for these intensities leading to an important reduction of repair costs. For
instance, for PGA = 0.7 g the median value of cr drops from 79% for the original building,
to 64% for wrap1 and 57% for wrap12. Consequently, as expected, the adoption of
retrofit strategies increasing ductility capacity does not significantly vary cr, except the
portion depending on costs related to collapse.

Additional studies are required to assess the advantages of other alternative strategies
in terms of seismic performances and to further simplify the computation of repair costs
for an easier application to large building inventories.
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Abstract. This paper presents the results obtained during an experimental
campaign carried out in order to investigate the behaviour of reinforced concrete
beams strengthened on shear with composite materials. In order to compare their
performance, two different strengthening techniques were used: Fibre Reinforced
polymers (FRP) and Fibre Reinforced Cementitious Matrix (FRCM) composites.
The beams were simple supported and a traditional four point bending scheme
was used to execute the tests. Midspan displacements were measured using linear
variable transducers (LVDTS) while strain gauges were placed on the stirrups to
measure strains.

Keywords: FRP · FRCM · Reinforced · Concrete · Shear · Strengthening

1 Introduction

The need of strengthening existing reinforced concrete (RC) structures arises from their
deterioration with age, change in applied loads due to modification of their original use
or upgrading to currently available design codes, among other factors. Traditional
strengthening techniques, that may include the enlargement of concrete sections and use
of steel parts, are still used worldwide but, although they can consider structurally
adequate, their execution is usually not time/cost efficient. For this reason, there is a
growing interest in researchers to develop strengthening techniques that overcome the
drawbacks associated to traditional strengthening systems. Among these techniques,
Fibre Reinforced Polymer (FRP) composites have proven to be an adequate solution.
FRP composites provide additional strength for flexural, shear, and confinement appli‐
cations which combined with their low invasiveness, high strength, and ease of appli‐
cation, minimize some disadvantages associated with traditional strengthening techni‐
ques such as increase in self-weight of the structure, undesirable change in stiffness, and
handling of heavy steel parts.

FRP composites started to be developed during the 80’s and applications of this
technique can be found worldwide nowadays. The research carried out in the topic during
the previous decades has allowed researchers to develop design codes and guidelines
that are used today by designers all over the world (ACI440, fib bulletin 14, among
others). However, an important effort in order to fully understand the behaviour of
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structures strengthened in this fashion is still required. In fact, as pointed out by several
researchers, current design equations for predicting the contribution of FRP composites
to shear capacity of R.C. elements are not able to replicate the behaviour observed in
experimental tests (Sas et al. 2009; Lima and Barros 2011). Most codes assume that the
individual contribution of the FRP system should be added to the contribution of
concrete and steel reinforcement. However, several researchers (Bousselham and
Chaallal 2004; Pellegrino and Modena 2006; Chen et al. 2010) have found that the
maximum shear contributions of steel stirrups and FRP are not reached simultaneously
implying that their combined contribution is actually less than the simple summation of
their respective values and therefore the interaction between internal steel reinforcement
and external FRP reinforcement should be taken into account to properly predict the
overall shear strength of a strengthened element. Pellegrino and Vasic (2013) also
showed that the shear crack angle may have a significant influence in the prediction of
the FRP shear strength contribution, which affects the performance of codes such as the
ACI440 which specify a constant shear crack angle of 45°.

In addition, some drawbacks of the use of FRP composites, linked mainly to the use
of the epoxy resins, such as poor behaviour at temperatures close or above the glass
transition temperature, poor compatibility with the substrate, inability to apply the
system on wet surfaces or at low temperatures, and inconvenience to carry out post-
earthquake assessment of damaged structures have been reported (Al-Salloum et al.
2012). For this reason, advanced composites in which the resin matrix is replaced by a
cementitious matrix, known as Fibre Reinforced Cementitious Matrix (FRCM) compo‐
sites, have recently raised interest in researchers worldwide. Although research
performed on the topic is still scarce, the effectiveness of this technique for flexural,
shear strengthening and confinement of axially/eccentrically loaded RC elements is
confirmed by available experimental evidence (e.g., Triantafillou et al. 2006; Blanksvard
et al. 2009; Pellegrino and D’Antino 2013; and Ombres 2015).

Regarding R.C. beams strengthened with shear, Triantafillou and Papanicolaou
(2006) carried out test on R.C. beams strengthened in shear with textile reinforced mortar
(TRM) and found that the TRM jackets were able to provide additional shear strength
comparable to FRP jackets. In fact, depending on the number of layers, the system was
able to change the type of failure from shear to a more ductile flexure type.

Blanksvard et al. (2009) observed that the strain in the stirrups in R.C. beams
decreased in strengthened elements when compare to unstrengthened beams, for a
certain load. This result implies that the interaction between internal and external shear
reinforcement is also present for FRCM strengthened elements. A similar behaviour was
also witnessed by Ombres (2015).

More recently, Tetta et al. (2015) found that the shear failure in FRCM strengthened
beams maybe caused by slippage of the vertical fibre rovings through the mortar, partial
rupture of the fibres crossing the shear crack or a combination of both. The slippage
phenomenon is more pronounced for side bonded configurations while it tends to be
eliminated for fully wrapped elements.

In this paper, preliminary results of an on-going experimental campaign on shear
strengthening of R.C. beams with FRP and FRCM composites, carried out at the Univer‐
sity of Padua, are presented. Observations regarding the comparison of the performance
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of the beams depending of the composite used and fibre type are provided as well as the
analysis of the cracking pattern and failure mode and the interaction between the
strengthening system and the internal shear reinforcement.

2 Experimental Program

Five RC beams with the geometry and configuration of internal longitudinal and trans‐
verse reinforcement presented in Fig. 1a were tested at the Construction Materials
Testing Laboratory of the University of Padua (Italy).

Fig. 1. Beam geometry, reinforcement, and experimental setup.

The beams were designated according to the following convention:

S1-XXXX-F#-UY

Where S1 corresponds to the stirrup spacing in the tested shear span (300 mm, centre
to centre), XXXX defines the type of strengthening system (control, FRP, or FRCM), #
is the type of fibre (1 = carbon mesh, 2 = steel mesh, 3 = carbon net, and 4 = steel net),
U corresponds to the strengthening configuration (U-wrapped) and Y is related to the
use of composite anchors (N = no anchors).

The beams were tested using a four-point bending scheme with a total span length
of 2.70 m, as shown in Fig. 1. The shear span-to-depth ratio (a/d) was equal to 3.0. The
test was controlled by slowly increasing the force. The loading was paused at different
increments to mark cracks and take photographs.

The beams were cast in a single batch. The average concrete compressive strength,
determined by testing 3 cylinders with dimensions ϕ100 × 200 mm in accordance with
EN 12390-3 (2009) within +/− 4 days of the day of testing, was 23.3 MPa. The longi‐
tudinal reinforcement ratio ρl = As/bwd (As = longitudinal reinforcement area, bw = beam
width, d = beam effective depth) was 0.057. The ϕ8 mm, ϕ16 mm, and ϕ26 mm
deformed reinforcing steel bars had measured yield strength (average of three specimens
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for each diameter) of 527 MPa, 535 MPa, and 545 MPa, respectively. In Table 1, the
main characteristics of the tested beams are shown.

Table 1. Mechanical and geometrical properties of the beams

Beam fʹc (MPa) bw (mm) d (mm)
S1-CONTROL 23.3 150 250
S1-FRP-F1-UN 23.3 150 250
S1-FRP-F2-UN 23.3 150 250
S1-FRCM-F3-UN 23.3 150 250
S1-FRCM-F4-UN 23.3 150 250

The beams were strengthened with a U-wrapped configuration with one layer of
fibres. Before installing the FRP/FRCM system, the beam surface was subjected to
mechanical grinding, the corners of the specimens were rounded to a radius of approx‐
imately 20 mm, and any loose sand grains were removed. For the FRCM system, the
concrete surface was wetted and the first layer of cementitious matrix was immediately
applied. The beams were strengthened in shear within just one of the shear spans, with
a continuous strip (see Fig. 1b). In order to force the shear failure in the designated span,
the opposite shear span of the beam had steel stirrups spaced 75 mm (see Fig. 1a).

The overall area weight (W), elastic modulus (Ef), ultimate tensile strength (fu), and
thickness of the fibres (t) reported by the manufacturer are presented in Table 2.

Table 2. Composite fibre mechanical and geometrical properties

Fibre type W (g/m2) Ef (GPa) fu (MPa) t (mm)
F1-Carbon 300 390 3000 0.084
F2-Steel 1910 190 3345 0.24*
F3-Carbon 170 240 4700 0.047*
F4-Steel 2200 190 2400 0.270*

*Equivalent nominal thickness (mm/m).

For specimens strengthened with FRCM composite, the cementitious matrix was
applied in layers of approximately 2 mm thickness. Three 40 × 40 × 160 mm samples
taken from the cementitious matrix were tested +/− 4 days from the day of testing of
the beams. The average flexural strength fcf (EN 12390-5 2009) and average compressive
strength fcm (EN 12390-3 2009) were equal to 6.33 MPa (COV = 0.15) and 45.2 MPa
(CoV = 0.039), respectively.

3 Results and Discussion

Figure 2 shows the applied load (P) versus midspan displacement (Δ) curves for all
specimens.
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Fig. 2. Applied load (kN) vs. midspan displacement (mm) curves for all specimens.

The initial stiffness of the six beams was similar as shown in Fig. 2. However, for
the control beam, there is a reduction of the stiffness after a level of load associated with
cracking of the concrete (150 kN) that is not noticeable in the other beams. The curves
for the strengthened specimens are similar up to failure, with a significant reduction of
the stiffness close to Pmax. However, beams strengthened with steel fibres, either for FRP
and FRCM, showed a slightly higher stiffness than their carbon counterparts.

The maximum load (Pmax), the nominal shear strength (Vn = 0.5Pmax, neglecting the
effects of self-weight), the displacement at midspan corresponding to Pmax (ΔPmax), and
the failure mode of each beam are summarized in Table 3.

Table 3. Summary of tests results

Beam Pmax (kN) Vn (kN) ΔPmax (mm) Failure mode
S1-CONTROL 230.5 115.2 15.4 Shear
S1-FRP-F1-UN 338.3 169.1 26.0 Flexure
S1-FRP-F2-UN 306.8 153.4 16.8 Shear
S1-FRCM-F3-UN 284.8 142.4 17.8 Shear
S1-FRCM-F4-UN 299.5 149.7 17.7 Shear

The additional shear strength provided by the strengthening system (Vf) and the increase
in the nominal shear strength of the control beam (Vf/Vn-control) are shown in Table 4. Vf is
computed as the total shear strength of a given strengthened specimen minus the shear
strength of the control specimen (S1-Control). In Table 4, the ratio Vf/t*, which represents
the efficiency of the system in terms of the thickness of the fibres t*, is also included.

Table 4. Additional strength provided by FRP/FRCM composites

Beam Vf (kN) Vf/Vn Vf/t* (kN/mm)

S1-FRP-F1-UN 53.9 0.47 641.9
S1-FRP-F2-UN 38.2 0.33 159.1
S1-FRCM-F3-UN 27.2 0.24 577.8
S1-FRCM-F4-UN 34.5 0.30 127.8

*Thickness of the fibres.
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3.1 Additional Shear Strength Provided by the Strengthening System

From Tables 3 and 4, it can be seen that using Carbon-FRP composite the failure mode
of S1-CONTROL was transformed from shear to flexure, with an increase in strength
of Vf/Vn-control = 0.47. The value of additional strength provided can be taken as the lower
bound of the additional strength provided by the FRP composite with carbon fibres. For
Steel-FRP composites, the increase in strength was equal to 0.33, with a shear failure.

The specimens strengthened with FRCM jackets failed also in shear and had an
increase in shear capacity ranging from 24% to 30%. Specimen with steel fibres had a
slightly larger increase of Vf than specimen with carbon fibres. It is important to highlight
that specimens reinforced with FRP composites showed larger values of Vf/Vn-control. It
is highlighted that specimens S1-FRP-F2-UN and S1-FRCM-F4-UN (strengthened
using steel fibres) showed almost the same increase in strength (33% and 30% respec‐
tively) independent of the matrix that was used.

In addition to the increase in shear strength, all strengthened beams had an increase
of ΔPmax relative to the control beam. This effect was more important for specimen S1-
FRP-F1-UN. For the remaining specimens, the values of ΔPmax ranged from 16.8 to
17.7 mm, with larger values for specimens with FRCM jackets. In fact, the values for
specimens S1-FRCM-F3-UN and S1-FRCM-F4-UN were the same independent of the
type of fibre used (17.8 mm and 17.7 respectively).

Regarding the efficiency of the system (Vf/t*), it is clear from Table 4, that elements
strengthened with carbon fibres (S1-FRP-F1-UN and S2-FRCM-F3-UN) have a better
behaviour. In fact the value of Vf/t* for specimen S1-FRP-F1-UN is the higher of the
reported values, even if for this specimen Vf corresponds to the lower bound of additional
shear strength provided by the strengthening system due to the type of failure mode
observed for this specimen, i.e., flexure. For specimens S1-FRP-F2-UN and S1-FRCM-
F4-UN, the values of Vf/t* were approximately a quarter of the value found for specimen
S1-FRCM-F3-UN. This implies that having larger values of equivalent thickness, as it
is the case of steel fibres, does not imply higher values of additional shear strength.

3.2 Failure Mode and Cracking Pattern

Specimen S1-Control presented a typical beam shear failure characterized by the forma‐
tion of a main diagonal crack and minor diagonal cracks distributed along the shear span.
Specimen S1-FRP-F1-UN failed by flexure caused by concrete crushing. For this
specimen, it was not possible to identify cracks in the strengthened shear span, although
some shear cracks were recognized in the unstrengthened shear span of the beam. The
failure mode of specimen S1-FRP-F2-UN was characterized by debonding of the FRP
jacket. Cracks were not visible in the composite before failure. However, a main diagonal
crack, similar to the one observed for the control specimen, developed below the FRP
jacket and was visible due to the detachment of the FRP composite.

Unlike beams S1-FRP-F1-UN and S1-FRP-F2-UN, cracking was visible on the
surface of the FRCM composite for beams strengthened using cementitious matrix. This
is an advantage of the FRCM system over the FRP system because it allows for imme‐
diate and easy inspection of damaged regions (Triantafillou and Papanicolaou 2006).
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Beam S1-FRCM-F3-UN failed by diagonal tension. Local detachment of the entire
thickness of the jacket close to the point of application of the load and fibre slippage
along the main crack were observed. The inclination of the main diagonal crack was
less steep than that of the control beam, and the distribution of the cracking was located
in a smaller area.

For beam S1-FRCM-F4-UN, failure was caused by detachment of the composite
system. It is important to notice that the cracking pattern reflected in the steel FRCM
jacket is different than those observed by the control specimen and the beams strength‐
ened with carbon FRCM composite. Figure 3 shows the cracking pattern observed on
the surface of specimens S1-Control and on the composite jackets for specimens S1-
FRCM-F3-UN and S1-FRCM-F4-UN.

Fig. 3. Cracking patterns for beams S1-Control, S1-FRCM-F3-UN and S1-FRCM-F4-UN

For specimen S1-FRCM-F4-UN, after the FRCM jacket was removed, it was
observed that diagonal cracks formed in the beam beneath the composite (see Fig. 4). It
is also observed that above the diagonal crack, the fibres and the external matrix layer
debonded from the internal matrix layer. However, below the diagonal crack, the entire
FRCM jacket detached from the concrete substrate.

Fig. 4. Cracking pattern for beam S1-FRCM-F4-UA.

3.3 Internal and External Shear Reinforcement Interaction

In order to verify the interaction between the internal (stirrups) and external (FRP/FRCM
jackets) shear reinforcement, strain gauges were placed on the stirrups as shown in
Fig. 5. Considering the spacing of the stirrups (300 mm), two stirrups were located in
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the shear span (ST1 and St2, see Fig. 5). The strain gauges were located in the middle
of the height of the beam.

Fig. 5. Location of stirrups and strain gauges

Figures 6 and 7 show the strain distribution for ST1 and ST2 respectively for the 5
beams tested. The graphs also include the yielding strain of the steel links
(εy = 2650 × 106 mm/mm).

Fig. 6. Strain distribution on stirrup ST1

Fig. 7. Strain distribution on stirrup ST2
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In Fig. 6, it is possible to see that for the specimen S1-control, ST1 reaches yielding
for a value of load of 145 kN approximately. It is important to notice that for this partic‐
ular specimen, the values of strain reached at peak load were roughly equal to
20000 × 106 mm/mm but they are not shown in the graph for a matter of scale. The
remaining beams, with exception of the beam S1-FRCM-F3-UN, did not reach yielding,
with lower values of strain found for S1-FRP-F2-UN and S1-FRCM-F4-UN, i.e., beams
strengthened using steel fibres. Regarding specimen S1-FRCM-F3-UN, it is important
to highlight that even though it reached yielding, the stirrup strain at peak load was
approximately 25% of the maximum strain for the control beam.

Figure 7 shows the strain distribution in ST2. For this case, ST2 reaches yielding for
a load of 210 kN and the strain at Pmax is equal to 5436 × 106 mm/mm, which is consid‐
erable lower than the strain found for ST1. From the strengthened specimens, only beam
S1-FRP-F1-UN showed a strain slightly higher than εy. The strain in ST2 for the
remaining beams was lower than εy. At this point, it is important to notice that the lowest
value of strain was witnessed for beam S1-FRCM-F3-UN. It is important to notice that
the strain gauge placed on ST2 placed on beam S1-FRCM-F4-UN broke before reaching
Pmax.

In Table 5, the values of strain associated to Pmax found for ST1 and ST2 for the
tested specimens are included. Stirrups that reached yielding are highlighted in bold
font.

Table 5. Strains on ST1 and ST2 for Pmax

Beam Pmax (kN) ε-ST2 (106 mm/mm) ε-ST2 (106 mm/mm)
S1-CONTROL 230.5 20113.9 5436.5
S1-FRP-F1-UN 338.3 2171.8 2745.4
S1-FRP-F2-UN 306.8 1549.0 1472.1
S1-FRCM-F3-UN 284.8 5133.3 511.8
S1-FRCM-F4-UN 299.5 1241.5 1056.2

*For ST2, the strain gauge broke at a load of 249 kN.

As shown in Figs. 6 and 7 and Table 5, the presence of the strengthening system
generates an important reduction of the strain in the stirrups. In fact, for most of the
cases, the strengthening avoids the yielding of the stirrups. This implies that a simple
summation of the individual contributions of the steel and the FRP/FRCM composites
is not adequate. In fact, the contribution of the stirrups is computed based on the yielding
stress of the steel and therefore, achieving lower values of strain means that the contri‐
bution of the stirrups in a strengthened element might be lower than for the unstrength‐
ened beam. The previous observation is valid for FRP and FRCM composites.
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4 Conclusions

In this paper, preliminary results of an on-going experimental campaign carried out in
order to study the behaviour of R.C. beams strengthened in shear with FRP and FRCM
composites were presented.

The use of carbon-FRP composites was able to change the shear failure of the control
beam into a flexural failure for the strengthened beam, providing an increase in the beam
capacity of 47%. There was also an increase in the displacement at midspan corre‐
sponding to maximum load. For the specimen S1-FRP-F2-UN, strengthened with steel
fibres, the increase in strength was equal to 33%.

Beams strengthened with carbon- and steel-FRCM composites showed an increase
in shear strength of 24% and 30%, respectively.

Unlike with FRP composites, cracking was visible on the surface of the FRCM
jackets. However, for the case of steel-FRCM composites, after the removal of the jacket,
it was observed that the cracking pattern on the surface of the jacket was different from
that observed in the concrete beneath it.

For FRCM strengthened beams, the type of failure was different depending on the
type of fibre used. For carbon fibres, local detachment of the entire thickness of the jacket
from the concrete substrate was observed. For steel fibres, detachment of the fibres and
external matrix layer or of the entire composite from the substrate was witnessed.

The presence of the strengthening system, either FRP or FRCM composites, implied
an important reduction of the strains in the internal stirrups. This finding corroborates
the presence of the internal and external shear reinforcement interaction. Based on this
observation, the common assumption of adding the individual contributions of the steel
and strengthening system in order to find the total shear capacity of the element is not
adequate and can generate non-conservative results.
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Abstract. This paper outlines a rational strategy for retrofitting Reinforced
Concrete (RC), which is based on combing member- and structure-level tech-
niques in order to achieve optimal design objectives in a Performance-Based
approach. Member-level techniques (such as confinement with composite
materials, steel or concrete jacketing) are supposed to enhance capacity of single
members, whereas structure-level techniques (generally based on introducing
steel bracings systems or shear walls) aim to reduce the seismic demand on the
existing frame as a whole. A novel procedure, based on a “dedicated” genetic
algorithms, is developed by the authors for selecting “optimal” retrofitting
solutions, among the technically feasible ones, obtained by combining alterna-
tive configurations of steel bracing systems and FRP-confinement of critical
members. The main assumptions about the representations of “individuals” and
the main information about the genetic operations (i.e. selection, crossover and
mutation) are summarised in the paper. Finally, a sample application of the
procedure is proposed with the aim to demonstrate its potential in selecting
rational retrofitting solutions.

Keywords: RC frames � Seismic retrofitting � Optimal strategy
Genetic algorithm

1 Introduction

Recent earthquake events have induced heavy losses of life and substantial damage to
existing reinforced-concrete (RC) buildings (May 2006). Retrofit practices may prove
helpful in reducing risks in seismic areas, generally characterised by a significant
number of structures often designed for gravitational loads only, without any consid-
eration of Capacity Design rules introduced by modern seismic codes (CEN 2005).
Therefore, seismic retrofitting is nowadays as a technical challenge and a societal
priority (fib 2003).

Plenty of researches have been conducted in the last two decades on seismic
assessment and retrofitting of RC frames: they have been mainly aimed at developing
both effective methodologies for quantifying seismic vulnerability and consistent
technical solutions for seismic retrofitting (Thermou and Elnashai 2006; Ireland et al.
2007; Kaplan et al. 2011).
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As a matter of principle, feasible retrofitting solutions can be grouped into two
broad classes: on the one hand, the so-called “Member-level” (or so called “local”)
techniques and, on the other hand, the “Structure-level” (also referred to as “global”)
techniques (fib 2003).

Member-level techniques are based on strengthening single structural members
(Rodriguez and Park 1991): they aim at improving their capacity (i.e. in terms of
ductility and/or strength) and, hence, enhancing the capacity of the structure as a whole.
Confinement with steel and/or composite (Fiber-Reinforced Polymer, hereinafter
denoted as FRP) materials, as well as concrete jacketing, are widely adopted with the
aim of realising member-level strengthening of columns (fib 2006).

Conversely, structure-level techniques consist in connecting the existing structure
with newly realised sub-systems (such as RC shear walls and steel bracing systems)
properly designed for working in parallel with the former, in order to contribute their
global capacity to the overall seismic response. In principle, they aim at increasing
strength and stiffness in the coupled structural system and, hence, reducing the dis-
placement demand on the existing RC structure and its members (Martinelli et al. 2015).

The aforementioned techniques, considered on their own, represent two somehow
“extreme” solutions for retrofitting existing structures: on the one hand, the former may
enhance structural capacity in order to meet the requested seismic demand, whereas, on
the other hand, the latter aims at reducing displacement demand on the existing
members, whose single members’ capacity is fairly unchanged.

However, member- and structure-level techniques may be duly combined with the
aim to obtain a synergistic action in increasing seismic capacity of under-designed
members and reducing demand on the structure as a whole. In fact, each one of the
(potentially infinite) combinations of member- and structure-level interventions leads to
different direct costs, life-cycle costs, reliability levels and other quantitative/qualitative
parameters describing their “fitness” to be considered as a retrofitting solution. In this
light, choosing the “fittest” combination of the aforementioned interventions is a task
that can be regarded as a constrained optimization problem.

Several researches have been carried out for selecting the most structurally efficient
and cost-effective solution for seismic retrofitting, but definition of a rational strategy
for obtaining the optimal retrofitting solution is still an open issue. Particularly, no
well-established conceptual design procedure is still available and completely accepted
by the scientific community for seismic retrofitting; in fact, the possibility of combining
member- and structure-level techniques for minimising the initial cost of retrofitting is
only conceptually explored in previous papers (Martinelli et al. 2015). Moreover,
recent scientific contributions on optimization algorithms for structural design are
restricted to new structures (Quan et al. 2012).

In the Authors’ best knowledge, no relevant study is currently available for
approaching seismic retrofitting of existing RC frames as an optimisation problem. As
a matter of fact, in the current practice, as well as in most relevant scientific contri-
butions on this topic (Rodriguez et al. 1991; Kunisue et al. 2000; Thermou and
Elnashai 2006; Ireland et al. 2007; Bordea and Dubina 2009; Kaplan et al. 2011),
seismic retrofitting of RC frames is addressed as a solely technical problem. Hence, any
considerations about optimisation (even under the merely “economical” standpoint) is
basically left to engineering judgement.
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This is partly due to the complexity of the constrained optimisation problem under
consideration, which cannot be duly approached by means of analytical techniques
commonly employed in structural engineering. Conversely, it can only be solved by
means of meta-heuristic techniques, possibly based on multi-criteria optimisation
objectives (Caterino et al. 2009), which are not in the background of common structural
engineers.

Therefore, this paper proposes a genetic algorithm capable of selecting the “fittest”
solution (in terms of initial costs) obtained by combining structure-level interventions,
based on steel bracing systems, and FRP-based member-level techniques. More
specifically, the paper outlines a Genetic Algorithm (Gas) inspired to the well-known
Darwin’s “evolution of species” and the assumption of the “survival of the fittest” rule
(Darwin 1859). Although some pioneering applications of these techniques are already
available in the field of structural engineering, they are mainly restricted to the design
of new structures (Papadrakakis and Lagaros 2002; Fragiadakis et al. 2006; Lagaros
et al. 2007; Fragiadakis and Papadrakakis 2008). The following sections summarise the
main aspects of the proposed genetic algorithm and its application in the rational design
of retrofitting interventions. Finally, as an example, the last section presents an
application of the proposed procedure.

2 The Genetic Algorithm

2.1 Problem Statement and Formulation

The conceptual definition of the seismic retrofitting problem under discussion can be
generally written as the following Limit State (LS) function gLS:

gLS;i ¼ CLS;i � DLS;i � 0 ð1Þ

where the capacity CLS,i and demand DLS,i are intended in terms of displacements or
forces, respectively for ductile and brittle mechanisms. Consequently, this function is
negative in seismically vulnerable structures. Hence, retrofitting aims to enhance their
“as built” condition at the i-th relevant LS under consideration and raise the values of
gLS,i towards positive values. As a matter of fact, seismic retrofitting of RC structures
requires that the structure meet various LSs. In this paper, the LS of Damage Limitation
(SLD), related to a seismic event whose Probability of Exceedance (PoE) equal to 63%
in 50 years, and the Limit State of Life Safety (SLV), corresponding to an event with
10% PoE in 50 years, are taken into account (M.II.TT., 2008).

The retrofitting objective can be achieved by acting on both capacity and demand
and, hence, implementing a combination of member-level and global-level technique
(Martinelli et al. 2015). The retrofitting solution can be found by solving the following
constrained optimisation problem:

x ¼ arg min f xð Þ½ �
x

gLS;i � 0 8i ¼ 1. . .:nLS
ð2Þ
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where f(x) is the selected objective function and x is the vector of design variables
defining the interventions consisting of both FRP confinement of single RC members
and concentric steel bracings installed in parallel with the existing structure.

The total direct cost is assumed herein as f(x): it is defined by adding the costs
Cloc(x) and Cglob(x), respectively referred to local and global interventions:

f xð Þ ¼ Cloc xð ÞþCglob xð Þ� � � U max
i

f gLS;i xð Þ� �� �
� �

ð3Þ

where the two cost functions take into account both demolition and reconstruction
operations needed for realising FRP confinement and installing steel bracings. It is
worth highlighting that Cglob(x) might also include the costs of foundation strength-
ening, often requested by the realisation of “collaborative” bracing systems, which
result in concentrating vertical reactions at their base. This aspect is not fully developed
in the current version of the code.

Finally, U(•) is a generic penalty function, which aims at increasing the nominal
cost of intervention for those solutions that do not meet the constraint condition in
Eq. (2)

2.2 Representation of “Individuals”

The conceptual flow-chart shown in Fig. 1 depicts the main steps of the procedure pro-
posed for finding the optimal solution of the constrained problem described by Eq. (2).

The procedure starts with the randomly generating an initial population of Nind

individuals. They are encoded as strings (chromosomes) composed over some alphabet
(s), so that the genotypes (chromosome values) are uniquely mapped onto the decision
variable (phenotypic) domain (Biondini 1999).

Fig. 1. Flow-chart of the optimization
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Several coding methods are currently available, such as binary, gray, non-binary,
etc. (Jenkins 1991a, b; Hajela 1992; Reeves 1993). The most commonly used repre-
sentation in GAs is the binary alphabet {0, 1} although other representations can be
used, e.g. ternary, integer, real valued etc. Within the present work, each individual “x”
of such a population is represented through a simple “chromosome-like” array of bits.
The vector “x” is composed of variables describing both member- and structure-level
techniques: the string representing the binary coding (Biondini 1999) of one individual
is structured by concatenating the set of variables that represent it.

Figure 2 depicts an example of the binary genotype adopted in the present algo-
rithm for representing a simple three-storey structure with four beams at each floor
(one-bay for each direction in plan): the first part of the string describes the
member-level techniques considered in the aforementioned individual, whereas the
second part is dedicated to describing the structure-level ones.

On the one hand, in the first part of the individual, each couple of bits contains a
code related to the number of FRP layers possibly employed for confining the corre-
sponding column of the structure under consideration: hence, a total of 2Ncol bits is
contained, Ncol being the number of column elements in the structural model of the
existing frame. Therefore, in the current implementation, the confinement ranges
between zero (as-built configuration denoted by the value “00” assumed in the binary
code of the corresponding column) and three layers of FRP (denoted by the value “11”
of the binary code representing the i-th column).

The presence of a non-zero value for the confinement code of the generic column
modifies the original (unconfined) stress-strain relationship describing the material
behaviour of concrete. As is well-known, the resulting stress-strain relationship for
confined concrete depends on several parameters, such as the number of FRP layers, the
shape of transverse section and the type of FRP considered for this application. Specifi-
cally, the information collected in this first part of the vector are employed for modifying
the mechanical values of the Kent and Park model (1971) available in OpenSEES
(Mazzoni et al. 2006) for simulating the behaviour of concrete in columns (Fig. 3).

On the other hand, the following assumption are considered for describing the steel
bracings system representing the global intervention codified in the second part of the
genotype:

1. only the profiles of the first storey level are reported in the codified “x” vector,
whereas those adopted for the upper levels stem out of a consistent design criterion;

2. steel bracings are supposed to be possibly realised between each couple of columns
connected by a beam: therefore, the maximum number of bracings is equal to the
number of beam Nbeam at the first floor;

Fig. 2. Example of binary genotype for coding a retrofitting intervention
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3. the transverse section of each couple of diagonals is identified by means of a label
corresponding to a commercial steel profile.

The aforementioned assumptions are intended at keeping the set of design variables
as small as possible. Therefore, the current implementation of the proposed procedure
employs three bits for each variable related to steel diagonal bracings and, hence, only
23 = 8 codes are available to describe the section of diagonals possibly installed at the
first storey level, in correspondence of a generic beam (see assumption n. 2). They can
range from 0 (absence of bracing) to 7: each code included between “001” and “111”
points to a position in a commercial steel profile table (assumption n. 3) and, hence, the
relevant properties of bracing diagonals are available therein.

The relationship between the section of steel members at the first level and the
section of steel bracings at upper floors is defined below:

Ak;des ¼

Pn

j¼k
hj �Wj

Pn

i¼1
hi �Wi

� A1 ð4Þ

where hj represents the position in height of the floor with respect to the foundation
level, n is the total number of floors, Wj is the seismic mass of the j-th floor. Moreover,
A1 is the area of the cross section of the bracing at the first level and Ak,des is the
theoretical area of the bracing cross section required at the k-th floor. It is worth
highlighting that any other consistent design criteria, defining the upper level sections
depending on the first level ones, might be possibly adopted in lieu of Eq. (4). Finally,
the knowledge of theoretical areas allows to select the steel commercial section whose
area must be greater than Ak,des.

2.3 Seismic Analysis of “Individuals” and Evolution Criteria

Static Non Linear (Pushover) Analysis and the N2 Method (Fajfar 1999) are considered
for determining displacement capacity and demand needed for evaluating the values of
function gLS,i according to Eq. (1) for a given “individual” (Fig. 4).

On the one hand, the seismic demand is determined according to the well-known
N2-Method (Fajfar 1999): Fig. 5 depicts the main operations requested to calculate the

Fig. 3. Model by Kent and Park (1971) for confined concrete.
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“performance-point” DLS,i. On the other hand, the capacity models adopted by current
seismic codes (CEN 2005) are considered for determining CLS,i.

In addition to the triangular distribution of lateral loads currently considered in the
proposed procedure (Fig. 4), further distributions might be easily taken into account for
performing the seismic analysis (CEN, 2005a; M.II.TT., 2008).

Finally, for each population, the total cost and the objective function (Limit State
function) gLS,i are evaluated for all Nind individuals, hence, the genetic algorithm
evolves through three operators until the counter of population reaches a maximum
fixed number. Starting from the randomly generated initial population, the reproduc-
tion, combination and mutation operators concur in defining the following generation
of retrofitting solutions.

2.4 Reproduction Operator

Reproduction, also known as selection, selects individuals on the bases of their fitness
to the purpose and forms a mating pool, with the aim of realising the “survival of the
fittest” principle, which is the basis of the evolution theory (Darwin 1859). The
essential idea is that individuals are picked out of the current population and, based on
probabilistic assumptions, they are included in the mating pool.

To this end, a fitness function F(xk) is defined, whose value F(xk) for the k-th
individual of the current generation can be determined as follows:

Fig. 4. Existing frame and equivalent SDOF system

Fig. 5. Evaluating seismic displacement demand via N2 Method
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F xkð Þ ¼
min

h¼1...Nind

f xhð Þ
f xkð Þ ð5Þ

where f(xk) is the value of the objective function for the of the k-th individual and Nind

is the (invariant) number of individual forming each generation (currently assumed
equal to 50). The fitness function “measures” the capability of the k-th individual to
“compete” with the other ones of the same generation in achieving the objective of the
optimisation problem under consideration. As can be easily understood from Eq. (5) it
is always lower than the unit, which is determined for the individual characterised by
the lower value of the objective function.

The fitness F(xk) of each individual can be employed in determining the “proba-
bility of survival” p(xk) of the k-th element as part of the current generation; besides
other scaling operations (Biondini, 1999), which are not considered in the current
implementation, p(xk) can be determined as follows:

p xkð Þ ¼ F xkð Þ
PNind

h¼1
F xhð Þ

: ð6Þ

It is apparent that, by definition, the values of p(xk) range between 0 and 1 and the
sum of probabilities for each individual is equal to the unity.

Under the algorithmic standpoint, p(xk) is the probability that the k-th individual is
“selected” within the current generation to be part of the mating pool and, hence,
“reproduce” itself into the following generation. In fact, the selection procedure is
implemented through the so-called “roulette-wheel” rule (Lipowski and Lipowska
2012), whose circular sections are marked proportionally to the probability of survival
of each individual (Fig. 6). If n individuals have to be selected, n random numbers are
generated in the [0, 1] range and the individual whose circular segment includes the
random number is actually selected for reproduction. It goes without saying that the
individuals featuring higher values of p(xk) have the higher probability to be selected as
“parents” for generating “offsprings” in the following generation.

Fig. 6. Roulette wheel rule in the selection operator
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2.5 Crossover Operator

As well as its ideal counterpart in nature, the crossover operator produces new indi-
viduals that have some parts of both parents’ genetic material: the recombination of
genotype creates different individuals in the following generations by combining
material from two individuals of the previous generation. The two genotype strings of
the individual participating in the crossover are “selected” as parents and the resulting
strings are defined as “children”.

Figure 7 shows the working principle of the crossover operator. Once n individuals
are selected according to their F(xk), crossover “mixes” the segments delimited with
dashed lines, into new “offspring” individuals (children): several crossover points can
be defined in a process usually referred to as “multi-point” crossover. In the example
shown in Fig. 7 crossover operator is applied column-by-column and bay-by-bay.

The influence of the number of crossover points on the resulting efficiency is a key
aspect, whose discussion is outside the scope of this paper. Readers may refer to De
Jong and Spears (1992) for further details.

Finally, it is worth highlighting that, in order to preserve some of the fitter indi-
viduals, not all selected strings in the mating pool are used in crossover. Hence, a
threshold combination probability pc is defined: only Nind*pc individuals of the pop-
ulation are used in the crossover operation, whereas and Nind*(1-pc) remain unchanged
and preserve themselves for following population.

2.6 Mutation Operator

The mutation operator introduces diversity in the population whenever the population
tends to become homogeneous due to repeated use of reproduction and crossover
operators. It operates at the bit level of the genotype code: to this end, the so-called
“mutation probability” pm is defined as the probability of a single bit to be “inverted” in
each child individual.

As well as in nature, this probability is usually assumed as a small value: in the
current implementation this parameter is set equal to 0.002. Figure 8 shows an example
of mutation occurring in a generic individual.

Fig. 7. Crossover operator applied to couples of “parent”.
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A higher value might be selected in order to enhance the so-called ergodicity of the
algorithm, namely its capability to explore the parametric field of the problem under
consideration. Under the operational standpoint, mutation has the role of introducing
new features in the individuals of the new generation that are not present in the current
one. In fact, a coin toss mechanism is employed: if random number between zero and
one is less than the mutation probability, then the bit is inverted. If Nbits is the number
of bits totally allocated in each string, mutation points are randomly selected from the
Nind*Nbits total number of bits in the population matrix. The importance of this operator
is relevant.

3 Sample Application

The working detail and the potential of the presented optimization procedure are shown
by a sample application. A simple 3D three-storey RC frame with three bays in
x-direction and one bay along y axis is taken as preliminary case for applying the
proposed retrofitting strategy: Fig. 9 depicts its in-plane configuration and 3D view.
The cross sectional area of beams and columns is 30 � 50 cm2. Foundation is not
simulated and fixed supports are considered. Rigid joints are used for simulating
beam-to-column connections.

The total number of design variables considered in the test example is 34: 3 � 8
member-level variables (8 columns for each floor), plus 10 structure-level variables (6
bays in x-direction and 4 along the y axes). Each generation includes 50 individuals
and the genetic algorithm stops either after 150 generations or if the objective function
keeps unchanged for 20 consecutive generations.

Both the LS of Life Safety (SLV) and Damage Limitation (SLD) are considered
and, hence, demand and capacity are evaluated in both LSs.

A bilinear stress-strain curve with Young modulus equal to 210 GPa and yield
stress Fy = 350 MPa is adopted for describing the elasto-plastic behaviour of steel. The
Kent-Scott-Park model (Kent and Park 1971) with degraded linear unloading/reloading
stiffness and no tensile strength is used in order to describe the constitutive law of
existing concrete. The effects of FRP confinement result in increasing the ductility of
concrete (Fig. 3), according to the afore mentioned model. The live load is taken as
Q = 2.00 kN/m2 and the permanent load is G = 5.00 kN/m2. The gravity loads are
contributed from an effective area of 75 m2.

A Finite Element model is built in OpenSEES (Mazzoni et al. 2006) for simulating
the seismic response of the structure under consideration. The well-known fiber
approach is used to account for material non-linearity by means of the so-called
“nonlinear beam-column elements”.

Fig. 8. Examples of mutation
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Five integration sections, located at the Gauss-Lobatto quadrature points, are
considered for each beam-column element. Each section is divided into a number of
fibers. Similar elements are also employed for modelling the concentric steel bracings
in structure-level intervention. An accidental eccentricity is assigned in the middle
point according to EN 1993-1-1 (2005) in order to obtain the buckling of the bracing in
compression.

Figure 10 depicts the outcome of the proposed algorithm throughout the genera-
tions: the objective (initial cost) function starts from a cost of 127’866 € and decreases
progressively. As expected, the curve shows a very steep slope over the first genera-
tions and a slower and slower reduction, often characterised by a staircase shape,
towards the final convergence, which is supposed to be achieved after 150 generations,
as no further improvement is observed in f(x) over the last 23 iterations.

Figure 11 shows the evolution of the maximum demand-to-capacity ratio D/C
defined as follows:

D
C
¼ max

i

DLS;i

CLS;i
: ð7Þ

Fig. 10. Convergence history: objective function vs generation

Fig. 9. 3D view and in-plain configuration of the considered structure.
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As can be seen, D/C, strictly related to the LS function defined in Eq. (1) tends to
approach the unit, meaning that the solution evolves towards a full utilisation of the
available capacity in both existing and newly designed members.

Finally, the optimal phenotype in the 150th population (Fig. 10) has a cost of
39’195 €, the lowest of all previously processed solutions. In the example proposed
herein, the optimal solution came up to consist of a concentric steel bracing (realised in
the two plain frame along the x-direction and the y-direction) and no local FRP
interventions are actually required. The optimal section of steel members for the first
bracing level is a HE 120 B, whilst for the two upper floors, according to the rela-
tionship (4), the best one is an HE 100 A.

4 Conclusions

This paper outlined the formulation of a rational procedure intended at optimising
seismic retrofitting of existing structures by combining member- and structure-level
techniques. Although in its current implementation it does not consider some relevant
features (such as the cost of foundations) and assumes the actual cost as a simple
objective function, the proposed procedure demonstrates its potential in formally
approaching seismic retrofitting as a constrained optimisation problem.

The proposed genetic algorithm has the potential to support engineering judgement
(being far from the ambition to rule it out) in determining the “fittest” seismic retro-
fitting solution for RC frames. In fact, the proposed application demonstrates that the
implemented genetic algorithm is capable of finding a solution characterised by a cost
significantly lower than the initially assumed trial solution.

Nevertheless, the implementation of this numerical model is still under develop-
ment: the work ahead should be primarily intended at including the aspects that are not
taken into account yet (i.e. multi-criteria objective function, among the others).
Moreover, it should also aim at enhancing the computational efficiency of the computer
procedure, whose computational cost is one of the main critical issues to be duly
addressed for the proposed method be actually feasible in real applications.

Fig. 11. Evolution of the demand-to-capacity ratio D/C
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Abstract. An analytical model in a closed form able to reproduce the mono-
tonic flexural response of external R.C. beam-column joints with smooth rebars
is presented. The column is subjected to a constant vertical load and the beam to
a monotonically increasing lateral force applied at the tip. The model is based on
the flexural behavior of the beam and the column determined adopting a con-
centrated plasticity hinge model including slippage of the main bars of the beam.
A simplified bilinear moment-axial force domain is assumed to derive the
ultimate moment associated with the design axial force. For the joint a simple
continuum model is adopted to predict shear strength and panel distortion.
Experimental data given in the literature are utilized to validate the model.
Finally, the proposed model can be considered a useful instrument for prelim-
inary static verification of existing external R.C. beam-column joints with
smooth rebars.

Keywords: Joint � Beam � Column � Shear � Flexure � Smooth rebars

1 Introduction

Many R.C. buildings currently present in the Mediterranean area (Italy, Greece, Spain,
Turkey, etc.), constructed in the 50’s–70’s, were designed before the advent of seismic
codes, and show peculiar structural characteristics and material qualities. Among them a
large number of old buildings have been identified as having potentially serious struc-
tural deficiencies with respect to earthquake resistance. Typical structural deficiencies of
existing R.C. buildings are the general lack of ductility as well as inadequate lateral
strength: they has been recognized as the fundamental source of deficiency in seismic
performance of gravity- load-designed existing buildings, as a consequence of total
absence of capacity design principles and poor reinforcement detailing (Priestley 1997).

R.C. buildings constructed in the absence of seismic codes have both global
deficiencies, connected to lack of regularity in plan and elevation, as well as to the
possible onset of weak-column mechanism, with a tendency to develop soft-story
mechanisms, and local deficiencies, connected to insufficient transverse reinforcement
of beams, columns, joints, and to insufficient anchorage (Ehsani and Wight 1985;
Hegger et al. 2003). In particular, at the local level, inadequate protection of the panel
zone region within beam-column joint subassemblies is expected as well as brittle
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failure mechanisms of structural elements. In most cases examined experimentally and
theoretically failure was due to the shear collapse of external joints producing brittle
response; in some other cases failure was due to flexural failure of the columns due to
strong beam/weak column design (Attaalla 2004; Hegger et al. 2004).

Generally, it is observed that typical structural deficiencies can be related to: -
inadequate confining effects in the potential plastic regions; - insufficient amount, if any,
of transverse reinforcement in the joint regions; - insufficient amount of column lon-
gitudinal reinforcement, when considering seismic lateral forces; - inadequate anchor-
age detailing, for both longitudinal and transverse reinforcement; - lapped splices of
column reinforcement just above the floor level; - lower quality of materials (concrete
and steel) when compared to current practice, in particular use of smooth (plain) bars for
both longitudinal and transverse reinforcement and low-strength concrete.

2 Aim of Research and Range of Variation of Case Studies

The main object of the present research is to propose a simple model for hand veri-
fication of the flexural behavior of external old type R.C. frames with smooth rebars
representative of mid-rise building types designed to support vertical loads, constructed
in the pre-70s period. With the aim of understanding the structural behavior of these R.
C. frames, detailed experimental investigations on T sub-assemblages were carried out
(Calvi et al. 2001; Calvi et al. 2002; Braga et al. 2009).

The range of study cases was that in which buildings were only designed for gravity
and so did not respect the criteria of plastic design. The beams were designed with the
scheme of continuous beams for gravity loads and columns were designed for gravity
loads considered as isolated member. This approach was based on elastic verification of
R.C. cross-sections in which the compressive strength of concrete was limited to 6–
7 MPa for beams and to 4–5 MPa for columns. The minimum compressive strength
assumed, measured on cube specimens at 28 days of curing, was 12 MPa. The smooth
steel rebars adopted had 280 MPa yielding stress. The steel rebars were straight at the
ends or had hook anchorages. The dimensions of the cross-sections of the columns
were at least 300 � 300 mm or 300 � 400 mm (for a number of floors limited to 3 or
4). The span of the floors and beams was at most 5000 mm. The longitudinal rein-
forcement of columns was constituted by 4 / 12 mm (or 4 / 14 mm) longitudinal bars
and stirrups having 6 mm diameter were placed at pitch 250 mm. The beams had
recurrent dimensions of 300 � 400 mm and 700 � 200 mm in the floor thickness. At
least two bottom and two 12-mm top rebars were adopted. Additional reinforcement in
the fixed sections and in the bottom central portion of the beams was adopted to verify
the cross-sections (generally 2 or 3 rebars / 14–16 mm diameter). The stirrups in the
beams were designed to support 50% of shear, while the other 50% was supported by
inclined rebars (inclination 45°). The stirrups were placed at a pitch of 330 mm.
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3 Proposed Model

The case examined here is the one shown in Fig. 1. It represents an external
beam-joint-column system subjected to a constant vertical load N acting on the column
and to a monotonically increasing lateral force F applied at the tip of the beam.

The analytical model presented below gives the overall beam tip
force-displacement (F–d) curve at the tip of the beam meeting the column at the joint,
for any fixed value of the axial load N acting on the column. The force F shown in
Fig. 1 is related to the maximum beam momentMb ¼ F � L, while the column is loaded
by the abovementioned constant axial load N and by a linear moment whose maximum
value is Mb=2. Actually, the case in which sections of the column are subjected to a
moment equal to Mb/2 is a specific case of equal flexural stiffness above and below the
joint; otherwise, the moment is distributed according to the relative stiffness. The shear
force Vc1 is related to F by a simple equilibrium equation (F ¼ Vc1 � Hð Þ=L). The
inter-story drift is directly related to the displacements d which correspond to the
applied force F and it is calculated as d/L.

The overall structure response is given (see Fig. 2), for each force level F, by
adding the displacements due to the beam db, to the column dc and to the joint dj. In
particular, the beam displacement is obtained by modeling the beam as a cantilever
including slippage of bars as suggested in Fib Bulletin No. 24 (2003), while the column
is considered as a beam element simply supported and loaded by a constant axial force
and a moment in the nodal region. The joint is modeled as a continuum panel as
suggested in Calvi et al. (2002). In the following sections, firstly the beam, column and
joint displacements are evaluated and, secondly, they are put together in the F–d curve
of the system. No shear failure is considered in the present model.

Fig. 1. Beam-column specimen geometry and loading scheme
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3.1 Beam Contribution

In flexure, with reference to the rectangular cross-section shown in Fig. 3, representing
the section of the beam fixed into the column, using the translational and rotational
equilibrium equations of internal forces, the position of the neutral axis ccu and the
ultimate flexural strength Muy can be obtained in the following form:

ccu ¼ As � fyb
a � fc � b � b ð1Þ

Muy ¼ As � fyb � d � 1
2
� b � ccu

� �
ð2Þ

a and b being the stress block coefficients, assumed equal to 0.85 and 0.80 for normal
strength concrete, fyb the working stress of the steel, As the area on the main rebars, fc
the compressive strength of concrete and d the effective depth of the beam.

The working stress fyb of the beam longitudinal rebars present in Eqs. (1 and 2) is
related to the bond stress distribution and they are both unknown. Therefore, in order to
determine these two terms without relying on iterative procedures, Pauletta et al.
(2015), on the basis of experimental results on 61 test specimens, show that it is
possible to obtain a single analytical expression giving the tensile stress trend in the
beam longitudinal rebars when joint shear failure occurs. Specifically, if smooth rebars
with straight anchorages are utilized, the effective stress fyb decreases with an increase

Fig. 2. Contributions of single components in T subassemblages: (a) beam; (b) column;
(c) joint.

Fig. 3. Design assumptions for analysis of R.C. beams
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in the mechanical percentage of beam tensile reinforcement xs ¼ As � fy
� �

= b � hb � fcð Þ
according to the following analytical law:

v ¼ fyb
fy

¼ 0:63 � xsð Þ�0:21 � 1 ð3Þ

fy being the yielding stress of the steel, b and hb the width and depth of the beam and As

the longitudinal tensile reinforcement area. The value of xs that gives fyb=fy ¼ 1 is
xsmax ¼ 0:110.

By contrast, when smooth rebars had hook anchorage, as shown in Fabbrocino
et al. (2004), yield stress is fully attained without loss of bond, but significant slippage
occurs. The flexural strength given by Eq. (2) does not exceed the moment capacity
Muc for compression failure, which is calculated as:

Muc ¼ a � fc � b � ccu � b � d � 1
2
� b � ccu

� �
ð4Þ

If strain hardening effects in longitudinal rebars are neglected the force Fb corre-
sponding to the ultimate moment is expressed as Fb ¼ Mu=L with Mu the minimum
value among those given by Eqs. (3) and (4). In the case of yielding of the main bars if
we refer to ccu/d = 0.2 Eq. (2) gives Muy= b � h2b � fc

� � ¼ 0:92 � xs.
The position of the neutral axis ccy at yielding of the steel rebars can be found with

the well-known expression:

ccy
d

¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
q � nð Þ2 þ 2 � q

q
� q � n ð5Þ

with n the ratio between the elastic modulus of steel and concrete Es and Ec (modulus
of elasticity of concrete assumed Ec ¼ 4200 � ffiffiffiffi

fc
p

) and q the geometrical ratio of main
bars q ¼ Asb=ðbdÞ.
The yielding and the ultimate curvatures can be expressed as:

uy ¼
ey

d � ccy
ð6Þ

usu ¼
esu

d � ccu
for Mu\Mc ð7Þ

ucu ¼
ecu
ccu

for Mu\Mc ð8Þ

The deflection dc and the force Fc at first cracking neglecting the reinforcement and
the slippage of steel bars proves to be:

dc ¼ 2 � rct � L2
3 � Ec � hb ; Fc ¼ rct � b � h

2
b

6 � L ð9Þ
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with rct the tensile strength of concrete assumed as in ACI 318 (2011) in the absence of
experimentation. The deflection of the beam at yielding dby can be assumed as:

dby ¼ Mu � L2
3 � Ec � Jn þ hslipy � L ð10Þ

the moment of inertia being expressed as:

Jn ffi
b � c3cy
3

þ n � Af � d � ccy
� �2 þ n � A0

f � ccy � c
� �2 ð11Þ

hslipy being the plastic rotation at first yielding due to the slippage of the bar cal-
culated as suggested in Fib Bulletin No. 24. (2003) in the form:

hslipy ¼ ey
2 � d � ccy

3

� � � u
4
� fy
fb;y

ð12Þ

with fb,y the uniform bond stress along the development length Lb assumed fb;y ¼
0:2

ffiffiffiffi
f 0c

p
as in Fib Bulletin No. 24 (2003) and / the diameter of the bar. At rupture we

have:

dbu ¼ dby þ uu � uy

� � � lp � L� lp
2

� �
þ hslipu � L ð13Þ

lp being the plastic hinge length assumed as suggested in Thom (1983) in the form
lp ¼ a � Lþ c1, where c1 represents a correction for the tension shift effect which occurs
due to diagonal cracking and a = the normalized strength increase from yield to ulti-
mate tension steel (e.g. a = 0.08 according to Priestley et al. 1997). In Eq. (13) hslipu is
the plastic rotation at ultimate state due to the slippage of the bar calculated as sug-
gested in Fib Bulletin No. 24 (2003) in the form:

hslipu ¼ hslipy þ eu � ey
� �
d � ccu

2

� � � u
4
� fu � fy

fb;u
ð14Þ

with eu and fu the ultimate strain and stress of longitudinal bar and fb;u ¼ k � fb;y and
k = 1.2.

3.2 Column Contribution

For the cross-section analysis of the column, the scheme adopted is the one shown in
Fig. 4. The moment-axial force domain adopted here has been simplified with respect
to the effective domain by considering a bilinear domain (this simplification is con-
servative because this domain is internal to the effective one). The bilinear domain is
constituted by the two linear branches, the first one of which connects the case of pure
compression with the case of balanced failure and the second one connects the case of
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balanced failure with the case of pure flexure. Columns have an area of steel in tension
equal to that in compression (Al ¼ A

0
l). This approach has the advantage that the

ultimate moment can be calculated with simple analytical expressions. In the case of
pure compression and absence of buckling of longitudinal rebars (a hypothesis justified
after a preliminary verification) the ultimate axial force is given by:

Nu ¼ a � fc � hc � bþ 2 � A1 � fyl ð15Þ

Introducing the dimensionless axial force gives:

nu ¼ Nu

fc � hc � b ¼ aþ 2 � xl ð16Þ

xs ¼ Al � fyl
b � hc � fc ð17Þ

In flexure, neglecting the compressed rebars gives:

Mu

b � d2c � fc
ffi 0:9 � xl ð18Þ

For balanced failure both the rebars in compression and in tension have to yield and
we have:

Nb ¼ b � ccb � b � a � fc ð19Þ

Mb ¼ Nb � e ¼ a � fc � b � ccb � bð Þ � hc
2
� b � ccb

2

� �

þ 2 � Al � fyl � hc
2
� c

� � ð20Þ

If Nb and Mb are dimensionless we have:

nb ¼ Nb

fc � hc � b ¼ a � b � ccb
hc

ð21Þ

Fig. 4. Design assumptions for analysis of R.C. columns /
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mb ¼ Mb

b � d2c � fc
¼ 0:5 � a � b � ccb

dc

� �
� hc

dc
� b � ccb

dc

� �

þ 2 � xl � hc
2 � dc �

c
dc

� �
� hc
dc

ð22Þ

The ultimate moment associated with the design axial force N can be calculated in
the following form:

Mu Nð Þ ¼ Mu þN � Mb �Mu

Nb

� �
with N�Nb ð23Þ

or in dimensionless form

mu nð Þ ¼ Mu Nð Þ
b � d2c � fc

¼ mu þ n
nb

� mb � muð Þ ð24Þ

If we assume c/dc = 0.05, hc/dc = 0.95 and fyl = 280 MPa Eq. (24) yields the
simplified expressions:

mu nð Þ ¼ 0:9 � xl � 0:0765 � xl � nþ 0:176 � n ð25Þ

n\nb ¼ 0:653 ð26Þ

For balanced failure we have: nb ¼ 0:623 and mb ¼ 0:125þ 0:85 � xl.
Using Eq. (24) the force in the beam determined by the crisis of the column Fc can

be expressed as:

Fc ¼ 2 � mu þ n
nb

� mb � muð Þ
� �

� b � d
2
c � fc
L

ð27Þ

To determine the load-deflection contribution due to the column, the rotation of the
column in the loaded section ce is calculated as:

ccy ¼
uy � H

6
with uy ¼

ey
hc � cce

ð28Þ

with the position of the neutral axis given by

c3ce þ 3 � e� hc
2

� �
� c2ce þ

6 � n
Bc

� A
0
l þAl

	 

� e� hc

2
þ d

� �� �
� cce þ

� 6 � n
Bc

� A
0
f � c � e� hc

2
þ c

� �
þAl � hc � e� hc

2
þ d

� �� �
¼ 0

ð29Þ
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The deflection at the tip of the beam dcy due to the column at yielding proves to be:

dcy ¼ ccy � L ð30Þ

At rupture the rotation ccu proves to be:

ccu ¼ ccy þ uu � uy

� � � hc
2
� lcp

� �
ð31Þ

with

uu ¼
ecu
ccu

ð32Þ

In Eq. (31) the length lcp is assumed as previously done for the beam. Finally, the
ultimate displacement dcu is:

dcu ¼ dcy þ ccu � L ð33Þ

3.3 Joint Contribution

An important review of existing models for shear strength previsions of external and
internal beam-to-column joints can be found in Martinelli et al. (2012). Unfortunately,
most of these models refer to R.C. structures with deformed bars, while very few
models are available for R.C. members with smooth bars (which mainly refer to old
constructions). Among them the model of Calvi et al. (2001) here adopted was.
According to this model the shear strength stress can be expressed as:

vjh ¼ 0:2
ffiffiffiffi
f 0c

q ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ fa

0:2
ffiffiffiffi
f 0c

p
s

ð34Þ

with fa the average compressive stress in the column.
The shear distortion of the panel zone according to the continuum approach proves

to be:

cj ¼
vjh
G

¼ 2 1þ tð Þ
E

� vjh ð35Þ

The horizontal force Vjh represents the shear force that the joint is able to transmit
being cj the angular distortion of the joint, the Vjh-cj curve can be calculated on the
basis of the deformed configuration. Once cj and Vjh are known, it is possible to obtain
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the corresponding force Fj and displacement dj at the end of the beam with the fol-
lowing expressions:

Fj ¼ Vjh � hbL ð36Þ

dj ¼ cj � L ð37Þ

3.4 Load-Deflection Response of the Structure

As done in Campione (2015) after calculating the beam load-deflection curve, the
column moment-rotation curve and the joint shear-distortion curve, the total response
of the structure, in terms of deflection d of the beam, can be determined by summing
the deflection contribution of each component for a fixed load stage F (in equilibrium
with the system) with the following relationship:

d Fð Þ ¼ db Fð Þþ dc Fð Þþ dj Fð Þ ð38Þ

Figure 5 shows two examples of application of the proposed model in terms of
load-deflection curves. The first case examined refers to a beam-to-column sub
assemblage with: - beam having cross-section 300 � 400 mm, length L = 2500 mm,
bottom reinforced with 2 smooth rebars having 12 mm and top reinforcement 2 having
diameter 16 mm; - column having cross-section 300 � 300 mm, length H = 3000 mm,
reinforced with 2 smooth rebars having diameter 12 mm, both in tension and
compression.

The concrete has compressive strength fc = 9.95 MPa (0.83 Rck = 12 MPa) and the
steel rebars have yielding stress fy = 280 MPa. The tensile strength of the concrete is
neglected. The second example is similar to the first one but the column has the
dimensions 300 � 400 mm and is reinforced with 2 smooth rebars having a diameter
of 16 mm, both in tension and compression. These examples represent two typical
cases of existing R.C. frames designed in the Mediterranean area without seismic detail

Fig. 5. Theoretical load-deflection response of R.C. external joint
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and referring to a top floor and bottom floor. The comparison shows that in the case of
columns and beams both 300 � 400 mm, failure is governed by the beam crisis, the
joint and columns having overstrength with respect to the beam. Conversely, for col-
umns with a 300 � 300 mm cross-section, the failure is attained by the column and the
lower strength of the joint region. These examples show the effectiveness of the pro-
posed model in predicting the structural response of assemblages in spite of a pre-
liminary verification of the ductility of subassemblages and before more detailed and
complex finite element nonlinear analyses.

Figure 6 shows the dimensionless strength domain with variation in the hc/hb ratios
for two fixed values of fc = 15 and 25 MPa. The strength is the lowest one between Fb,
Fc and Fj. The cases examined refer to subassemblies with beams designed for a gravity
load with an area of influence of floors of 5 m and a dead load of 60 kN/m2. The steel
grade was 280 MPa and the percentages of steel respected the limit of 0.8% of the area
of the concrete transverse cross-section. From the graph it emerges clearly that for hc/hb
lower than 1 failure is due to the column and the joint. Most existing buildings
designed according to these rules do not respect the principles of ductile design and the
risk of brittle failure under a seismic attack is very high.

4 Experimental Validation

The cases considered for experimental validation are those shown in Fig. 7, referring to
researches by Calvi et al. (2002) and Braga et al. (2009).

The first case examined (Calvi et al. 2002) refers to quasi-static cyclic tests per-
formed on six gravity-load-designed beam-column subassemblies. Six one-way
beam-column subassembly specimens, 2/3 scaled, were tested, representing the fol-
lowing typologies: - two exterior knee-joints (specimens L); - two exterior tee-joints
(specimens T); - two interior cruciform joints (specimens C). Steel smooth bars, with
mechanical properties (allowable stress 160 MPa) similar to those typically used in that
period, were adopted for both longitudinal and transverse reinforcements. The main
mechanical characteristics of the concrete and reinforcing steel were the following:
average cylindrical and cube compression strength equal to 23.9 MPa and 29.1 MPa,
respectively; yielding and ultimate stress of the steel reinforcement equal to 385.6 MPa

Fig. 6. Dimensionless strength of sub-assemblages with hc/hb variation.
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and 451.2 MPa, respectively, for 8 mm diameter rebars, and 345.9 MPa and
458.6 MPA, respectively, for 12 mm diameter rebar. The test setup for the different
specimens was intended to reproduce the configuration of a beam-column subassembly
in a frame subjected to reversed cyclic lateral loading. A constant value of axial force
due to the gravity loads was applied at 100 kN. The axial load was applied by means of
a vertical hydraulic jack, acting on a steel plate connected to the column base plate by
vertical external post-tensioned bars. No simulated gravity loads were applied to the
beam elements. The second case examined (Braga et al. 2009) refers to an experimental
investigation on four internal (C-Joint) and external (T-Joint) R/C beam-column joints
built using concrete with low strength and smooth reinforcing bars, without hoops in
the panel zone. The tests were performed by increasing cyclic horizontal displacements
up to collapse.

Fig. 7. External RC joint tested in (a) Braga et al. (2009); (b) Calvi et al. (2002).
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The experimental results show that seismic response of this kind of structures is
mainly influenced by bond slips of longitudinal bars, and that the shear collapse regards
the external joints rather the internal ones. Failure mechanisms observed (column
plastic hinging for internal joints, shear failure for external joints) point out the vul-
nerability of these structures due to the soft story mechanism. All specimens were cast
using concrete with average cubic compressive strength equal to 17.5 MPa, while the
yield strength of the steel bars was 350 MPa, 325 MPa and 345 MPa, for the 8 mm,
12 mm and 18 mm diameter bars, respectively. The tests were carried out in a
quasi-static way applying a time-history of displacements to the upper column.
A vertical load was applied at the head of the upper column equal to 120 kN. The
proposed model is applied to the reference dataset and the results are shown in Fig. 8.
They show good agreement both in terms of mechanisms of failure than of ultimate
load and corresponding displacements.

5 Conclusions

In the present paper an analytical model for predicting the flexural response of external
old type reinforced concrete beam-column external joints with smooth bars under
monotonic loading is presented.

Yielding of main steel and crushing of concrete in the beam including bars slip-
page, in the column and in the beam-column joint were identified in order to determine
the corresponding loads and displacement and to plot the simplified load-deflection
curves of the sub-assemblages subjected at the tip of the beam to monotonically
increasing lateral force and in the column to a constant vertical load. The original
contribution consists in including in a simple analytical model the main aspects

Fig. 8. Theoretical load-deflection response of R.C. external joint.
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regarding the structural behavior of external beam-joint-column such as slippage on
longitudinal bars of beam and brittle failure of joint. The flexural failure of the col-
umns, due to strong beam/weak column design, and the brittle collapse of the external
joint in the absence of stirrups due to crushing of the compressed strut are included in
the model. The expressions derived, allowing simple hand computation, can be con-
sidered a useful instrument for a preliminary verification of the safety state. On the
whole, the model gives a physical interpretation of the flexural behaviour of
beam-column sub assemblages up to rupture and shows good agreement with the
experimental results available in the literature. Finally, prescriptions on mechanical
ratios of steel rebars for ductile design of sub-assemblages are derived and discussed.
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Abstract. In the present paper, a simplifiedmodel to determine themoment-axial
force domain of the cross-section of reinforced concrete columns subjected to
corrosion process is presented. The model considers members with square and
rectangular cross-sections and it accounts for cover spalling, buckling of longi-
tudinal reinforcing bars, loss of bond of bar in tension, reduction of confinement
pressures (due to the reduction of the area of stirrups and cracking of concrete
induced by rust formation). The analytical expressions for prediction of the area
reduction of steel, bond strength and critical load of longitudinal bars utilized were
verified against experimental data available literature.

Keywords: Moment-axial force domain � Confinement � Buckling
Corrosion � Cover spalling

1 Introduction

It is widely accepted that general and pitting corrosion of reinforcement affects rein-
forced concrete (R.C.) structures by reducing the cross-sectional area and the
mechanical properties of the reinforcement itself, especially when pitting corrosion
occurs. Pitting is a localized corrosion type. By contrast, general corrosion is dis-
tributed along the bars. Moreover, loss of bond between the steel and concrete and
cracking of concrete in the zone of rust formation cause a reduction in the strength and
stiffness of the reinforced concrete members.

Based on the literature review it could be seen that individual aspects of reinforced
concrete element deterioration are well covered. In addition, literature related to evalua-
tion of the load carrying capacity of deteriorated reinforced concrete columns subjected to
axial force and bending moment is available. More work is required to develop a suitable
and simple methodology for strength evaluation of deteriorated reinforced concrete col-
umns that incorporates all corrosion-related factors and deterioration scenarios.

For concrete columns cover spalling, buckling of steel bars, reduction of steel area
due to rust formation and in some cases opening of the stirrups are the main visible
effects due to corrosion.

Experimental researches (Rodriguez et al. 1994, 1996) have been carried out in an
attempt to understand the behavior and bearing capacity of corroded R.C. columns.
Also, some in situ long term investigations are available (Ismail et al. 2010). At present
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few simple analytical and numerical models have been developed and calibrated with
the experimental results to predict the bearing capacity of the moment-axial force
domain of corroded R.C. columns (Tapan and Aboutaha 2008, 2011).

In this paper, the effects of reinforcement corrosion, loss of concrete cover, and loss
of bond on the structural behavior of R.C. columns with rectangular cross-section are
quantified. Moment-axial force domains (M-N) using a simplified model are proposed
and verified against experimental data available in the literature.

2 Moment-Axial Forces Domain

The cases examined are those shown in Fig. 1. They refer to short R.C. members
having rectangular (or square) cross-sections with side b and height H and reinforced
with n longitudinal steel bars with diameter /l and area Al, and confined by transverse
closed steel stirrups with diameter /st and area Ast. Transverse steel is placed in the
plane of the cross-section at clear spacing s with a cover d. In the case of bars
distributed up to four layers of reinforcement, an equivalent area of main bars was
considered applied to the center of the bar in tension and in compression.

Figure 2 shows the moment-axial force domain of the transverse cross-section
obtained numerically using the layer method and indicated with the dashed line. In the
same graph the continuous line also shows the simplified model adopted here
(Bergmann et al. 1995).

Fig. 1. Cross-sections analyzed

Fig. 2. Moment axial force domain
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This model considers three linear branches:- the first one connects the point of pure
compression Nc with the point A, the second branch is the segment A-B and the third
branch connects B with the point of pure bending Mf. Point A corresponds to a point
having the same bending moment of pure flexure Mf and the axial force equal to NA to
be determined. Point B is characterized by an axial force NB = 0.5�NA and a bending
moment MB to be determined. Figure 2 shows the simplified linearized moment-axial
force domain fitting the ones obtained numerically. In the next section details for
calculation of single points of the interaction diagram are given.

2.1 Case of Pure Compression

As suggested in Campione et al. (2016), the load-carrying capacity of corroded com-
pressed R.C. columns (see Fig. 1) can be determined as the sum of the four different
strength contributions due to:- the unconfined concrete cracked cover area (A1c); - the
confined cracked concrete of the core area across the bars (A2c); - the internal area of
concrete core which is in a triaxial stress state (A3c); - the longitudinal bars Al,red

including buckling phenomena.
The expression that gives the load-carrying capacity in compression for the case of

a member with a rectangular cross-section is the following:

Nu ¼ w � f 0c � 2 � b � dþ 2 � H � dð Þ � 2d2
� �

þ w � fcc � b � H � 2 � b � dþ 2 � H � dð Þ � 2d2
� �� b� 2 � d� 2 � /st � 2 � /lð Þ � H � 2 � d� 2 � /st � 2 � /lð Þ½ �� �

þ fcc � b� 2 � d� 2 � /st � 2 � /lð Þ � H � 2 � d� 2 � /st � 2 � /lð Þ½ �
þ b � Al;red � fy

� �

ð1Þ

fcc being the compressive strength of the confined concrete, w a reduction factor of the
compressed concrete in the zone of rust formation and b the reduction factor of the
yielding stress of the longitudinal bars due to a buckling effect.

The reduction in w, as suggested in Coronelli and Gambarova (2004), can be
calculated by considering that the cracking induced by the expansion of the corroded
longitudinal and transverse steel bars (rust effect) degrades the strength of the com-
pressed concrete because of the increase in cracking. If the lateral strain, which causes
longitudinal micro-cracks, is assumed to be smeared on the cracks, we have:

w ¼ f �c
fc

¼ 1

1þ k � 2 � p � nbars � mrs�1ð Þ �X
b � e0

ð2Þ

with k = 0.1 as suggested in Coronelli and Gambarova (2004), and e0 assumed 0.002
for normal strength, normal weight concrete.

X is the thickness of the corrosion attack penetration, which can be measured with
the gravimetric method or calculated, as suggested in Val (2007), in a rearranged form
of Faraday’s law of electrolysis, as:
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X ¼ 0:0116 � icorr � t ð3Þ
where icorr is the corrosion current density in the reinforcing bar expressed in lA/cm2

and t the time in years. The compressive strength fcc of the confined concrete was
calculated as in Razvi and Saatcioglu (1999) in the form:

fcc
fc

¼ 1þ 6:7 � fle
fc

� 	�0:17

ð4Þ

with the confinement pressure fle calculated as in Razvi and Saatcioglu (1999), but
taking into account, as in Campione et al. (2016), that if corrosion processes are present
the confinement pressure has to be reduced. This reduction is due to the reduction of
the area of transverse steel bars and to the available stress in the stirrup due to rust
formation. It also has to be stressed that although it is true that the expansion of rusted
material produces premature loading on the stirrups, we also know that preloading
should confine the concrete surrounded by stirrups and longitudinal reinforcement.
This effect was not considered in the paper, also because at ultimate stress the concrete
cover is spalled off and the longitudinal bars buckle.

The effective confinement pressures prove to be:

fle ¼ 2 � Ast;red � rs
b � s

� 	

� 0:15 �
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

b
s
� b
s1

� 2 � Ast;red � rs
b � s

� 	

s

 !

ð5Þ

where Ast,red is the reduced area of the stirrups, rs the available stress in the stirrups,
and s1 the spacing of the laterally supported longitudinal reinforcing.

Considering the free expansion of the side of the cross-section due to rust formation
in the external bars and, consequently, the elongation of the stirrup, the stress in the
stirrup proves to be:

rs ¼ fy � 1� 2 � X
b

� Es

fy

� �

ð6Þ

The reduction of the stirrup area due to rust formation and pitting, if it occurs, can
be derived, as in Campione et al. (2016), in the form:

Ast;red tð Þ ¼ nbar � p � /l � 2 � X½ �2
4

� Ap tð Þ
( )

ð7Þ

Ap is the cross-sectional area of pitting calculated with the expression in Val
(2007).

It has to be stressed that, as is well known from the literature, there is no significant
reduction of yielding stress due to corrosion processes. Apostolopoulos and Papadakis
(2008), Fernandez et al. (2015), Fernandez et al. (2016) and Biondini and Vergani
(2015) show that, with an increase in the corrosion level, the yield stress of the bar
decreases slowly (less than 15%). In almost all cases, failure of the bar is due to the
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presence of a brittle region owing to the presence of pitting. Otherwise, the presence of
pitting causes a reduction of the ductility of the bars, as can be seen in Stewart (2009).

For longitudinal compressed bars, if the concrete cover is spalled off due to rust
formation, the risk of buckling increases. In this case, the maximum allowable stress in
the longitudinal bars is the minimum among the yielding stress and the critical stress.
The latter can be calculated, as in Campione et al. (2016), in the form:

rcr ¼ 3:46 � ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

Er � I � kl
p
Al

ðN=mm2Þ ð8Þ

Er ¼ 4 � Es � Ep
ffiffiffiffiffi

Es
p þ ffiffiffiffiffi

Ep
p

� �2 ð9Þ

with I the moment of inertia of longitudinal bar, Ep the hardening modulus of steel and
kl a distributed stiffness parameter in the form:

kl ¼ EP � Ast

b � s �
ffiffiffi

2
p

ð10Þ

for a corner bar and

kl ¼ 48 � EP � Ist
s31 � s

for amid-face bar ð11Þ

Finally, the reduction factor b of the yield stress in the longitudinal bar due to
buckling can be defined as b ¼ rcr

fy
.

Under corrosion, Eqs. (8, 10, 11) are still utilized adopting the area and the
diameter of bars deduced with Eq. (7). If corrosion is due to a pitting effect, the
moment of inertia has to be modified. A simplification can be obtained numerically by
deriving the diameter of an equivalent bar having the same inertia, giving the following
expression:

/l;red

/l
¼ 1þ 0:0029 � Xp � 0:003 � X2

p ð12Þ

with Xp the loss of mass in %.
Figure 3 gives experimental results for compressed bars having pitting corrosion.

Then a comparison between the analytical results (Eq. 8) and experimental results is
given. The scatter between the analytical and experimental results is in the range of
10%. The data utilized of Kashani et al. (2013) refer to compressive tests on single bars
with different s//l ratios and different levels of loss of mass. The comparison shown in
Fig. 3 highlights that in most of the cases examined the model captures the experi-
mental results, emphasizing the importance of including the pitting attack for calcu-
lation of the reduced moment of inertia of the cross-section of longitudinal bars.
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2.2 Case of Pure Flexure

The reference model for prediction of the flexural strength of an uncorroded R.C.
section is based on the hypothesis that the plane section theory is applied because of a
perfect bond between bars and concrete. In the case of corroded bars, slippage between
concrete and steel bars occurs, reducing the strength and the available ductility.

To reproduce the worst condition, it was supposed that pitting and general corro-
sion occur in all bars and in a section where these effects are very important. This case
could be representative of the anchorage zone of longitudinal bars of columns or in
zones where high shear forces are present. Moreover, the model is valid only for
sections with all reinforcement corroded. Studies in the literature (Tapan and Aboutaha
2008, 2011; Wang and Liang 2008; Guo et al. 2015) analyse cases in which the
corrosion level is different along the four sides of the cross-section. The case examined
here is the one of greatest interest because it represents the worst condition.

To include the slippage of longitudinal bars due to rust formation a reduction factor
c of the yielding stress of longitudinal bar was introduced. Uniform reduction of the
yielding stress of longitudinal bars between two successive flexural cracks was sup-
posed. The expression utilized in Rodriguez et al. (1996) to derive bond strength is:

qres ¼ 0:6 � 0:5þ d
/l

� 	

� fct � 1� k � Xlð Þþ kq � Ast � fy
s � /l

ð13Þ

with fct the tensile strength of the concrete expressed as a function of the characteristic
compressive strength fck in Eurocode 2 (2004) as:

fct ¼ 0:30 � f 2=3ck ðMPaÞ ð14Þ

kq,l,k being empirical constants. According toRodriguez et al. (1996), kq andl are equal
to 0.16, 0.1 respectively, while k is between 0.26 and 0.4 and assumed here to be 0.4.

Fig. 3. Normalized reduction of yielding stress in compressed bar with loss of mass in %.
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In the absence of stirrups, assuming d ¼ /l Eq. (13) gives a reduction factor of
bond strength c in the form:

c ¼ qres
qo

¼ 1

1þ
kq �Ast �fy

s�/l

0:18� 0:5þ d
/l

 �

�f
2
3
c

1� k � Xlð Þþ
kq�Ast �fy
s�/l

0:18 � 0:5þ d
/l

 �

� f 23c

2

6

4

3

7

5

ð15Þ

with X related to Xp through the expression:

Xp ¼ 1� 1� 2 � X
/l

� 	2

ð16Þ

As can be seen in Fig. 4, the position of the neutral axis ccu and the ultimate flexural
strength Mus are in the form:

ccu ¼ Al;red � c� bð Þ � fy
0:85 � fcc � 0:80 � b ð17Þ

Mf ¼ Al;red � cþ bð Þ � fy � d � dð Þ
þ � 1

2
� Al;red � c � fy � /l þ 0:80 � ccuð Þ

ð18Þ

with d = H − /st − /l/2 and Al,red the reduced area of a reinforcement layer (tension
or compression).

In Eq. (17, 18) the c coefficient was introduced to take bond degradation into
account. The flexural strength should also not exceed the moment capacity Muc for
compression failure of corroded beams (Mac Gregor 1997), calculated as:

Muc ¼ 0:125 � w � fc � b � d � d� /l

2

� 	2

ð19Þ

Fig. 4. Design assumptions for analysis of single R.C. column
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2.3 Case of Axial Force and Bending Moment

With reference to the simplified moment-axial force domain in Fig. 2 it is possible to
obtain the point coordinate of A by solving the following translational and rotational
equilibrium equations:

NA ¼ 0:85 � ccA � b � 0:80 � fcc þAl;red � b� cð Þ � fy ð20Þ

MA ¼ NA � e ¼ 0:85 � fcc � 0:80 � ccA � bð Þ � H
2
� d� 0:4 � ccA

� 	

þ Al;red � bþ cð Þ � fyl � H
2
� d� /l

2

� 	 ð21Þ

By imposing MA ¼ Mf and solving Eq. (21) with respect to ccA, a second-degree
equation is obtained that if solved gives ccA. Substituting the value of ccA in Eq. (20)
gives NA.

Point B in the interaction diagram corresponds to the so-called balanced failure
condition. This point is known to be located around 0:4� 0:6 � Ac � fc. However, it
depends very much on the reinforcement arrangement. Nevertheless, it is possible to
derive rational equations based on plane strain distributions. In this paper the coordi-
nate of point B of Fig. 2 was obtained following the procedure proposed in Bergmann
et al. (1995) and Eurocode 4 (2004) in which was set NB = 0.5NA. The position of the
neutral axis, under these hypotheses, is equal to:

ccB ¼ 0:5 � NA þAl;red � fy c� bð Þ
0:8 � fcc � b ð22Þ

and the ultimate moment was obtained from Eq. (21) with substitution of Eq. (22):

MB ¼ 0:85 � fcc � 0:80 � ccB � bð Þ � H
2
� d� 0:4 � ccB

� 	

þ Al;red � fyl � H
2
� c� /l

2

� 	

� cþ bð Þ
ð23Þ

The ultimate moment associated with the design axial force N can be calculated in
the following form:

Mu Nð Þ ¼ Mu þN � MB �Mu

NB

� 	

with N�NB ð24Þ

or in dimensionless form:

mu nð Þ ¼ Mu Nð Þ
b � d2c � fc

¼ mu þ n
nB

� mB � muð Þ with n� nB ð25Þ
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3 Experimental Validation

The data in Tapan and Aboutaha (2008, 2011), Wang and Liang (2008) and Guo et al.
(2015) referring to members with square or rectangular sections were utilized in order
to validate the proposed model.

Tapan and Aboutaha (2008) analyzed one column with a cross-section of width
1350 mm and height 1830. The longitudinal reinforcement was constituted by nine
36-mm bars for each side with a cover equal to 80 mm. The stirrups, constituted by
deformed bars, had a diameter of 12 mm. The authors considered six deterioration
cases with two lengths of exposed bars. In this paper, only the results of case with
corrosion at all bars are compared with the proposed model.

Figure 5 shows the moment-axial force domain obtained with the proposed model
and with the numerical procedure indicated in Tapan and Aboutaha (2008). The
comparison is quite satisfactory for the case of flexure and pure compression, while in
the case of bending moment and axial force the proposed model slightly overestimated
the numerical results with scatter within 5%.

Wang and Liang (2008) analyzed a column with a square cross-section of side
610 mm. The longitudinal reinforcement was constituted by four 28-mm bars for each
side, with a cover of 28 mm. The stirrups were constituted by 12-mm bars with a pitch
equal to 250 mm. The authors considered six deterioration cases. In this paper, only the
results of case with corrosion at all bars are compared with the proposed model.

Figure 6 shows the moment-axial force domain obtained with the proposed model
and with the numerical procedure indicated in Wang and Liang (2008). The compar-
ison is also satisfactory in this case. For a loss of mass of 50% the scatter is higher and
in the range of 15% for compression.

Figures 5 and 6 clearly also show that for the case in Tapan and Aboutaha (2008)
with the increase in the loss of mass the load-carrying capacity decreases significantly.
For 10% and 25% the reduction of axial load is almost 35 and 60%. In flexure, similar
results are obtained. For the case in Wang and Liang (2008) the analogous decrements
of load-carrying capacity for 25 and 50% of loss of mass were 20 and 39%, while in
flexure they were 38 and 58%. It is important to stress that if the buckling effect and

Fig. 5. Comparison between analytical and experimental interaction diagrams
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loss of bond are neglected the reduction of load-carrying capacity and flexural capacity
can be addressed only to the area reduction of the steel bars and to the cover spalling,
but it gives unsafe results.

For analyses of experimental results, it has to be stressed that failure was controlled
by bar buckling, bond deterioration and concrete strength degradation. More specifi-
cally, in the case of flexure bond, degradation and buckling of longitudinal bars are the
most important phenomena governing failure, while in the case of compression,
buckling and reaction of concrete strength were the main phenomena covering the
problem. In the case of axial force and bending moment all phenomena occur but for
N < NB buckling and bond failure are predominant, while for N > NB concrete
strength reduction plays an important role too.

Figure 7 shows for the case of pure compression the ratio between the analytical
and numerical results given in Tapan and Aboutaha (2008) and Wang and Liang (2008)
for different losses of mass, highlighting the good agreement between the numerical
and the analytical prediction.

Tapan and Aboutaha (2011) tested twelve columns with a square cross-section of
side 200 mm. T longitudinal reinforcement was constituted by four 18-mm deformed
bars, one in each corner with a 30-mm cover. The stirrups, constituted by deformed
bars, had a diameter of 8 mm and pitch equal to 100 mm. Specimens were corroded by
adding 3.5% of calcium chloride (CaCl2) and by connecting the tensile bars with a DC

Fig. 6. Comparison between analytical and experimental interaction diagrams.

Fig. 7. Comparison between analytical and numerical ultimate axial force
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power supply. The columns were tested with two different types of eccentric distances
(Type ZX with small eccentricity and Type ZD with large eccentricity), two different
positions of the corroded zone (Type L corresponding to a corroded tensile zone and
Type Y to a corroded compressed zone) and different types of corrosion levels that
were defined in terms of average weight loss of the steel. There were three columns
with a high corrosion level (ZDL700-2, ZDL350-3 and ZDY350-3), two with a low
level (ZDL700-1 and ZDY700-1) and others with intermediate values.

Guo et al. (2015) tested four columns with cross-section having width equal to
600 mm and height 250 mm. The longitudinal reinforcement was constituted by twelve
16-mm bars, with a cover thickness of 25 mm. The stirrups, constituted by deformed
bars, had a diameter of 8 mm and spacing of 150 mm. Four specimens were tested,
with a different level of corrosive damage, calculated as mass loss of the longitudinal
reinforcement: 0, 5, 10 and 15% for specimen 1, 2, 3 and 4, respectively. The effects of
accelerated corrosion were cracks at the corners of the specimen due to corrosion and
volume expansion of the corrosion product of the longitudinal rebar and the stirrups.
Figure 8a–b shows for the case of flexure under constant axial force the ratio between
analytical and experimental results given in Tapan and Aboutaha (2008) and Guo et al.
(2015) for different loss of mass, highlighting the good agreement for almost all cases
examined between numerical and analytical prediction.

Similarly, Fig. 9 shows for the case of balanced failure the ratio between analytical
and experimental results given in Tapan and Aboutaha (2008) and Wang and Liang
(2008) for different loss of mass highlighting the good agreement between numerical
and analytical prediction.

Fig. 8. Comparison between analytical and (a) experimental ultimate bending moment
(b) numerical ultimate bending moment
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4 Conclusions

In the present paper, a simplified model to calculate the moment-axial force domain of
R.C. corroded columns subjected to corrosion processes was developed and verified
against selected experimental data.

The simplified domain is constituted by three branches and four points. To take into
account loss of load-carrying capacity due to corrosion processes, the model considers:-
cover expulsion; - cracking of the portion of confined core close to the longitudinal bars
and stirrups; - reduction of steel area; - buckling of compressed reinforcement; - loss of
bond of tensile reinforcement.

The limitations of the proposed model, which covers several cases of practical
interest, are mainly that the following: the corrosion process of bars involves them in
the same manner; cover spalling occurs along the four sides of the section.

The main results obtained can be summarized as follows:

• The reduction in the load-carrying capacity due to loss of mass of longitudinal bars
is not relevant for compressed members designed for static loads;

• The reduction in the load-carrying capacity is between 20% and 30% for severe
corrosion conditions because of degradation of the compressive strength of the
outer portion of the column.

• In flexure, loss of bond plays a fundamental role with respect to loss of area, and
loss of mass of 15–20% produces a loss of strength of 30–40%.

• Under an axial load and bending moment, the reduction of flexural capacity depends
on the loss of area of the reinforcement (longitudinal and stirrups) and of the loss of
bond and buckling of compressed bars in which pitting plays an important role.

• For low levels of axial force, the main effect is the loss of flexural capacity, which in
the case of a loss of mass of 25% can produce a reduction of up to 45%.

Nel seguente lavoro è stato sviluppato un modello semplificato per calcolare i
domini in pressoflessione di colonne in cemento armato corrose, attraverso un con-
fronto con i dati sperimentali disponibili in letteratura. Il dominio semplificato è cos-
tituito da tre rami e quattro punti. La perdita di capacità portante dovuta ai processi
corrosivi è stata calcolata considerando:- espulsione del copriferro; - fessurazione della
parte interna del calcestruzzo della colonna vicino le barre longitudinali e le staffe; -

Fig. 9. Comparison between analytical and experimental ultimate axial force bending moment
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riduzione dell’area dell’armatura; -instabilità delle barre in compressione; -perdita di
aderenza acciaio-calcestruzzo.

Le limitazioni del modello proposto, che comunque copre molti casi di interesse
pratico sono:- il processo corrosivo riguarda tutte le barre in eguale maniera; -
l’espulsione del copriferro si ha in tutti i lati della sezione.

I principali risultati ottenuti con il seguente lavoro sono:

• La riduzione della capacità portante dovuta alla perdita di massa delle barre lon-
gitudinali non è importante per gli elementi compressi progettati per carichi statici.

• La riduzione nella capacità portante è tra il 20% e il 30% per condizioni di cor-
rosione elevata, dovuta alla riduzione di resistenza a compressione della parte
esterna della colonna.

• In flessione, la riduzione dell’aderenza dovuta alla perdita di massa gioca un ruolo
fondamentale. Infatti, con una perdita di masse del 15–20% si ha una riduzione
dell’aderenza del 30–40%.

• In presenza di forza assiale e momento flettente, la riduzione della capacità fles-
sionale (legato principalmente al pitting) dipende dalla perdita di area delle barre
(longitudinali e staffe), dalla riduzione della tensione di aderenza e dall’instabilità
delle barre compresse.

• Per bassi livelli di forza assiale, il principale effetto è la riduzione della resistenza a
flessione che, con una perdita di massa del 25% può ridursi fino al 45%.
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Abstract. Existing RC buildings of the Mediterranean area commonly show
high variability in the material mechanical properties because of the construction
age and manufacturing processes. Such a variability has been confirmed by
number of in-situ tests performed during the reconstruction process in the
aftermath of L’Aquila 2009 earthquake. In this context, destructive and
non-destructive characterization tests are useful supporting tools to estimate the
actual concrete mechanical properties and to improve the accuracy of the seis-
mic capacity assessment. The paper reports of a wide material characterization
program consisting of destructive and non-destructive tests carried out on a
building severely damaged by the L’Aquila 2009 earthquake. Due to poor
concrete mechanical properties and seismic structural weaknesses, the building
was demolished. Portions of the structural systems have been extracted before
the building demolition, subjected to material characterization tests and then
tested in laboratory. The comparison between the two sets of material charac-
terization test programs and the correlation with the experimental performances
of an RC column tested under compressive axial load is presented herein.

Keywords: In-situ test � Sonreb � Experimental test � Existing buildings
Reinforced concrete

1 Introduction

Recent devastating earthquakes pointed out the high vulnerability of existing reinforced
concrete (RC) buildings. The lack of proper seismic detailing, quality controls and poor
mechanical properties of structural materials led to significant damage to structural and
non-structural members and high reconstruction costs. In this context, a reliable
assessment of the seismic performances of existing RC structures is of paramount
importance in order to design proper retrofit solution optimizing the use of economic
resources.

Nowadays, the assessment procedures available in current standards or guidelines
(CEN 2005; MI 2008; C S LL PP 2009) state to achieve a specific level of knowledge
by properly assessing the building geometry, structural details and material properties.
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This is a starting point in the assessment procedure and the adopted level of knowledge
will affect the performances of structural members and, in turn, the overall structural
capacity.

Different testing methods are available in literature and suggested in available codes
to investigate in-situ properties of structural materials. Generally, destructive tests,
made on concrete sample properly extracted from structural members, provide reliable
estimations of concrete material properties. However, due to the level of disruption and
the related costs they can only be performed on a limited number of elements. Indeed,
destructive tests can be integrated or replaced by non-destructive measurements, which
are assuming a primary role in the assessment procedures.

Nowadays, a reliable quantification of material properties from in-situ characteri-
zation tests is very challenging due to sources of uncertainties arising at various levels
and caused by: the testing method, the systematic interferences with the environment,
random interferences (due to material intrinsic variability), human factor influence and
data interpretation, including errors in the model (Breysse 2012). The relevant uncer-
tainties in the testing methods and interpretation of results along with the need for a
reliable methodology suitable for application at large a scale promoted the development
of a specific guideline for characterization tests on structures and soils (DPC et al.
2009). This guideline provided an useful a supporting tool for technicians involved in
the L’Aquila reconstruction process.

The reconstruction process in the aftermath of the L’Aquila earthquake (2009) has
been a unique occasion to collect important data on the vulnerability of existing RC
buildings, reconstruction costs and details about the repair/retrofit measures (Di
Ludovico et al. 2016a; b). It resulted that existing buildings have low quality concrete
with average concrete compressive strength ranging between 10 and 15 MPa. Scientific
studies (Masi 2005) and guidelines (DPC et al. 2009) outlined that the correlation of
results from destructive and non-destructive tests and in-place concrete properties can
be very challenging for low quality concrete.

This may significantly affects the seismic performance assessment of existing
structures (Del Vecchio et al. 2017). Few studies are available in literature which
correlate the in-situ material tests with the performance of existing RC members (Dolce
et al. 2007; Vona and Nigro 2015). This is because of the difficulties arising in the
member sampling and the specimen conservation during the transportation in a labo-
ratory environment.

The goal of this research work is to quantify the accuracy of destructive and
non-destructive test estimating the in-situ mechanical properties for low quality con-
crete. For this purpose, a RC column, part of the lateral resisting frames, has been
extracted from an existing building damaged and then demolished after the L’Aquila
2009 earthquake.

A wide program of destructive and non-destructive tests have been performed
in-situ and on the extracted RC members. Core tests and the Sonreb method have bene
used to estimate the concrete compressive strength. The estimated strength have been
used to predict the axial load capacity of a RC column tested under compressive
monotonic load. The experimental results and theoretical predictions have been com-
pared and discussed.
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2 Case Study Building

RC buildings damaged by the L’Aquila earthquake were classified according to the
AeDES form (Baggio et al. 2007). The buildings with severe damage on structural
members were rated E and later subject to a further classification based on a detailed
seismic assessments. For 541 out of 2211 buildings classified E, the demolition and
reconstruction resulted the most suitable solution. Dangerous structural weaknesses,
high residual drift, local or global collapse or economical inconvenience in the struc-
tural retrofit were the main reasons for demolition and reconstruction (Di Ludovico
et al. 2016a; b). Furthermore, an average concrete compressive cylindrical strength
lower than 8 MPa was considered as a criterion for building demolition.

A 5 storey RC building, damaged by the L’Aquila earthquake has been selected for
this study. The building reported significant damage to structural and non-structural
components (see Fig. 1).

(a) (b)

Fig. 1. Earthquake damage on the case study building: infill cracking (a) and cracking at the
column top end (b).

(a) (b)

Fig. 2. (a) Original design calculations; location of in-situ characterization tests (b)
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The structural system consists of lateral resisting frames designed with moderate
seismic actions. Lack of seismic reinforcement detailing characterizes the structural
members. The structural system was designed in the 1963 according to Regio Decreto
(1937) and with reference to moderate seismic actions (horizontal force equal to 0.07
the gravity load, according to D.M. 1962). Cement class 730, with concrete com-
pressive strength Rc = 30 MPa and smooth bars, AQ50 class, were adopted in the
original design. The design scheme of a typical frame and column structural details are
reported in Fig. 2a. Geometry, reinforcement details and material mechanical proper-
ties were investigated by means of in-situ inspections and characterization tests. A wide
program of destructive and non-destructive tests was carried out on the entire structural
system (see Fig. 2b). A total of 20 tests (destructive and non-destructive) were carried
out to achieve the highest level of knowledge (K.L. 3). Indeed, according to the Italian
building code (MI 2008; CS LL PP 2009) 3 destructive tests every 300 m2 of floor
surface are needed for a K.L. 3. The case study building has 5 floors with a floor
surface approximately about 400 m2. Thus, 4 tests per floor (a total of 20 tests) were
carried out: 15 destructive tests consisting in specimen sampling and core testing in
laboratory; 5 non-destructive tests consisting of rebound hammer and ultrasonic pulse
velocity measures. The spatial distribution of the tests is reported in Fig. 2b. The results
of the concrete mechanical characterization tests are summarized in Table 1 along with
sample properties (diameter, d, and specimen length, h) and strength correction factors
(Fl/d, Fdia, Fmc, Fd) determined according to FEMA 274 (1997) guidelines to compute
the in-place concrete strength, fc,in-place, starting from the experimental strength core
testing, fc,core. The Sonreb method was used to estimate the concrete strength by mean
of non-destructive tests. In particular, the concrete mechanical characterization program
resulted in three different estimation of the mean concrete compressive strength, fc,
11.00, 10.11 and 17.78 MPa coming from core tests(S), Sonreb method calibrated on
available core tests(S1) and Sonreb method using available literature relationships
(Gasparik 1992; Di Leo and Pascale 1994; RILEM 1993) commonly adopted in the
practice (S2−S4), respectively. Core tests reported in Table 1 outlined a poor concrete
compressive strength (in some portions of the building lower than 8 MPa). This along
with economical inconvenience in repair and retrofit (cost 30% higher than demolition
and reconstruction cost) resulted in the building demolition.

3 Building Demolition and Specimen Extraction

To investigate on the overall seismic response of the structural system, two beam-column
joints and portions of columns and beams were extracted from the structure before the
demolition. The specimen were sampled at different floors of a perimetral frame (see
Fig. 2b). The absence of proper seismic detailing, commonly, makes these members
vulnerable to seismic actions (Calvi et al. 2002; Del Vecchio et al. 2014). Operations for
building demolition and specimen sampling are depicted in Fig. 3.

The specimen object of this study is a RC column extracted from the second floor
of the case study building, named Col 1. It is 1350 mm tall (about half of the total
column height) with a cross-section 350 � 500 mm (see Fig. 2c). Six rebar with
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diameter of 16 mm were used as longitudinal reinforcements. Poor transverse rein-
forcements consists of 6 mm diameter and 200 mm spaced.

4 Material Tests on Extracted Members

A comprehensive material characterization program has been carried out to assess both
steel and concrete mechanical properties by means of destructive and non-destructive
tests. Number of tests were carried out on the extracted members (two portions of
columns and two beam-column subassemblies) in a laboratory environment. Multiple
measurements were considered in order to account for their variability and sensitivity
of testing instrumentation.

4.1 Destructive Tests

Steel bars employed as internal reinforcement were characterized by means of
destructive tests. Number of steel samples representative of longitudinal and transverse
reinforcements were taken from the extracted RC members. Test results are summa-
rized in Table 2.

(a) (b)

Col 1

Fig. 3. Building demolition (a) and specimens’ sampling (b)

Table 2. Mean mechanical properties of steel internal reinforcement from characterization
tests/Proprietà meccaniche medie delle barre d’armatura ottenute da prove a trazione.

d [mm] fy [MPa] esy [-] Es [MPa] esh [-] fu [MPa] esu [-]

Longit. reinf. 16 400 0.0020 203579 0.020 586 0.128
16 395 0.0022 178424 0.021 587 0.137
16 374 0.0019 196000 0.024 548 0.135
Mean 390 0.0020 192667 0.022 574 0.133

Stirrups 6 447 0.0025 181691 0.016 574 0.070
6 433 0.0027 160459 0.013 548 0.060
6 392 0.0018 213043 0.011 550 0.150
6 400 0.0026 153846 0.010 549 0.110
Mean 418 0.0024 177260 0.013 555 0.098
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The yielding strength of /16 bars, fy, obtained by the experimental tests, satis-
factory matches the mean value derived from a large database available in literature for
the AQ50 class, fym = 371 MPa (Verderame et al. 2011).

Six concrete cylinders were sampled in laboratory from the extracted RC members.
A material characterization program with destructive tests (core testing) was carried out
(see Fig. 4a, b). The test results are summarized in Table 3. In particular, the test results on
six cores (L1−L6) shows a mean concrete compressive strength of about 11.92 MPa,
which do not significantly differ from that obtained from in-situ destructive tests.

4.2 Non-destructive Tests

Non-destructive measurements, rebound number, R, and ultrasonic pulse velocity, V,
were measured in correspondence of core drilling (L1−L3) according to practical
suggestions reported in available guidelines for in-situ testing (DPC et al. 2009) see
Fig. 4. Two sets of measurements (L1a−L3a and L1b−L3b) were collected in labo-
ratory using different instrumentations. Non-destructive measurements were used to
predict the concrete compressive strength (i.e. S + L(a), S + L(b)). Ordinary Least
Squares method was used to estimate the parameters (a, b, c) of the function
fc,sonreb = ea∙Vb∙Rc [MPa] (DPC et al. 2009).

The concrete characterization program carried out in laboratory on the extracted RC
members resulted in three estimations of the concrete compressive strength: 11.92 MPa,
12.33 MPa and 13.32 MPa coming from core tests(L), Sonreb method calibrate on core
tests S + L(a) and Sonreb method calibrate on core tests S + L(b), respectively.

5 Experimental Test on Extracted Column

Column specimen has been prepared for experimental test by levelling the top and
bottom face using high strength shrinkage-controlled mortar. In order to avoid local
failures, specimen ends have been wrapped with a Carbon Fiber Reinforced Polymers
(CFRP) system.

High capacity testing machine (maximum applicable axial load 30000 kN) has
been used for the compressive test (see Fig. 5a). A quasi-static monotonic displacement
(0.005 mm/s) has been applied on the column until the collapse. Load cell and linear

(a) (b) (c)

Fig. 4. Laboratory concrete characterization tests: cylinder sampling (a) compression tests
(b) and non-destructive tests using rebound hammer (c).
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variable displacement transducer (LVDT) have been used to monitor axial load and
deformation. LVDTs and strain gauges (s.g.) applied on the concrete surface at the
specimen mid-height have been used to monitor specimen elongation and concrete
strain at the potential failure surface (see Fig. 5b). Steel strain has been monitored by
means of s.g. applied on the longitudinal bars.

Column experimental response in terms of axial load, N, and applied displacement,
d, is depicted in Fig. 6a. The first stages of the test have been characterized by an
elastic response without significant non-linear phenomena or visible cracks on column
surface. At an imposed displacement of about 3 mm (2000 kN) the specimen exhibited
minor cracks at the concrete cover. Major cracks on the concrete cover have been
detected at the peak strength. (2558 kN at 4.5 mm). At this stage the yielding of
longitudinal reinforcement has been achieved as outlined by s.g. measurements. The
following stages were characterized by a gradual, almost constant, strength degradation
with crack opening, cover spalling and bar buckling (see Fig. 7a).

In the last stages of the test, at 11 mm of imposed displacement, the column
exhibited a sudden drop in the axial load capacity due to stirrups failure. The opening
of central stirrup, with 90° bent, was observed. This is confirmed by the damage
analysis after the removal of damaged concrete (see Fig. 7b). In particular, a cone
surface appeared at the mid-height of the column with buckling of longitudinal rein-
forcements and stirrups opening.

The comparison of the stress-strain relationship obtained by means of s.g. records at
the specimen mid-span and core testing is depicted in Fig. 6c. The stress response of
the concrete of the tested column has been derived from the measured axial load
reduced by the steel contribution estimated using the stress at the effective strain
(monitored by means of s.g. see Fig. 6b). In particular rc = N/A–rs where rs = es∙Es

has been computed, step-by-step, from the effective steel strain depicted in Fig. 6b.

(a) (b)

Strain gauges
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T 
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Fig. 5. Testing machine (a), test setup and instrumentation (b).
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Figure 6c shows a good match between the curves derived from the column test and
those obtained from cylindrical samples.

6 Comparison Between Predicted and Experimental Axial
Strength

The column peak strength (2558 kN) has been compared with different predictions
using concrete compressive strength derived from destructive and non-destructive tests.
The comparison is reported in Fig. 6a and Table 4 along with the scatter between
experimental peak strength and available predictions.

In-situ and laboratory tests have been used to estimate the mean concrete com-
pressive strength of the reference specimen (Col 1). In particular, six different esti-
mations have been obtained (see Table 4). Three estimations come from the first set of

(a)

(b)

(c)

0

500

1000

1500

2000

2500

3000

0 2 4 6 8 10 12 14

N [kN]

d [mm]

Experimental
Destructive tests (S)
Destructive tests (L)
Calib. Sonreb_min (S+La)
Calib. Sonreb_max (S+Lb)

0

500

1000

1500

2000

2500

3000

0 0.0005 0.001 0.0015 0.002 0.0025 0.003

N [kN]

εs [-]

Yielding

0

2

4

6

8

10

12

14

0.000 0.001 0.002 0.003 0.004 0.005

σc [MPa]

εc [-]

s.g. side A
s.g. side B
s.g. side C
s.g. side D
Core test L2
Core test L4

Destructive 
tests

Sonreb

Fig. 6. Column experimental response in terms of: axial load vs. applied displacement (a) strain
records on the longitudinal bars (b) concrete stress-strain relationships (c)
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tests (named in-situ) and three further estimations come from the second set of tests
(named Extracted RC members).

The mean concrete compressive strength obtained from destructive and
non-destructive tests have been used to predict the axial load capacity of the sample
column (Col 1). Basic principles have been adopted for strength predictions. In particular
the predicted column axial strength has been computed as Npred = (Ac∙fc) + (As∙fs)
where: Ac is the concrete area depurated of the area of longitudinal steel bars, As; fs is the
effective stress of longitudinal bars at column peak strength (fy = 238.6 MPa at an
effective strain of 0.00124, see Fig. 6b) and fc is the mean concrete compressive strength
summarized in Table 4.

The comparison outlines that the predicted axial strength using the concrete
compressive strength coming from tests on the extracted members (fc,in-place

(L) , fc
(S+La), fc

(S

+Lb)) closely matches the experimental strength with minor differences ranging between
the 1.8% and −7.8%. As expected, the best correlation (DN = 1.8%) has been achieved
using the concrete compressive strength, fc

(S+Lb), obtained from the Sonreb relationship
applied with non-destructive measurements taken on the tested column.

(a) (b)

Fig. 7. Specimen damage at: the end of the test (a), after damaged concrete removal (b).

Table 4. Comparison of experimental axial strength and theoretical predictions.

fcm [MPa] N [kN] DN [%]

Experimental peak strength - 2558 -
In-situ Destructive tests fc,in-place

(S) 11.00 2200 –14.0
Calibrated Sonreb fc,sonreb

(S1) 10.11 2045 –20.1
Literature Sonreb fc,sonreb

(S2−S4) 17.78 3378 32.1
Extracted RC members Destructive tests fc,in-place

(L) 11.92 2359 –7.8
Calibrated Sonreb fc,sonreb

(S+La) 12.33 2431 –5.0
fc,sonreb
(S+Lb) 13.32 2603 1.8
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Less accurate resulted the prediction obtained using fc
(S+Lb) derived from destructive

tests. This is because the core samples were extracted on the same frame of the sample
column, but not exactly on that member.

Significant scatters are attained by using the concrete compressive strength derived
from in-situ tests on the entire structural system. In this case, the scatter DN ranging
between −14.0% and −20.1% for fc,in-place

(S) and fc,sonrev
(S1) , respectively. Caution should be

employed using available literature relationships without any calibration on experi-
mental tests on core samples. In fact, in this case the prediction obtained using the
mean concrete compressive strength using available literature relationships, fc

(S2−S4),
results not-conservative with a percentage difference of the 32.1%.

7 Conclusions

This study deals with destructive and non-destructive material characterization tests as
a supporting tools to predict the strength of existing RC members. A RC column was
extracted from an existing building demolished and reconstructed after the L’Aquila
2009 earthquake. The structural system was characterized by a low quality concrete
and lack of proper seismic details. The sample specimen was extracted and tested in
laboratory to have a reliable benchmark to correlate in-situ material characterization
tests and full-scale member experimental performances. A wide material characteri-
zation program was carried out by two sets of destructive and non-destructive tests to
estimate the mean concrete compressive strength. The study shows that:

• Non-destructive tests combined with destructive tests on core samples represents a
reliable tool to perform accurate predictions of the full-scale RC member strength,
even in the case of poor quality concrete;

• The best correlation with experimental peak strength has been achieved using the
concrete compressive strength, fc

(S+Lb), obtained from the Sonreb relationship
applied with non-destructive measurements taken on the tested column.

• Less accurate predictions has been achieved using in-situ characterization tests
performed on the entire structural system;

• Caution should be used adopting available literature Sonreb relationships not
specifically calibrated for low-strength concrete. In this study, the experimental
strength of the tested column has been overestimated of about 32%.
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Abstract. This paper reports the design and the realization of the energetic
renovation of a residential building owned by ALER and located in Cinisello
Balsamo (MI), by mean of the installation on the existing facades of an inno-
vative insulating prefabricated sandwich panel, for a total of about 520 m2

covered. The energetic renovation process has been organized in the following
steps:

– survey campaign of the existing building’s envelope by means of
laser scanning technologies and thermographic survey for the iden-
tification of non-homogeneous parts of the building structure, to
support the technological design as well as the installation of the
prefabricated panels;

– use of Building Information Modeling (BIM) aimed at supporting
the design of both the prefabricated panels and the anchoring sys-
tems, towards the automation in the installation of the elements as
well as the energy performance evaluation over time;

– architectural and executive design of the energetic renovation and
manufacturing of 186 insulating prefabricated panels, for a total of
28 different typologies, having different sizes, colors and finishing
(with and without specific textures);

– panels’ installation to the existing building facades by means of steel
profiles and realization of the finishing works.

Before and after the installation of the prefabricated insulating panels, a
dedicated monitoring campaign was performed for the evaluation of the thermal
performance of the building, whose main results are also provided in this paper.
This energetic renovation project has been performed in the framework of the

European research project EASEE (“Envelope Approach to improve Sustain-
ability and Energy efficiency in Existing buildings”), funded by the European
Union under the 7th Framework Programme for Research and Development.
This project, along its four years of duration, was aimed at developing
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innovative solutions for the energy upgrading of multi-storey residential
buildings built before 1975, in a historical period in which the focus on energy
efficiency was not so pressing, thus being highly energy-consuming buildings.

Keywords: Energy performance � Lightweight modular prefabricated
multi-layer insulating panel � BIM approach

1 Introduction

The EASEE (Envelope Approach to improve Sustainability and Energy efficiency in
Existing buildings) project - funded under the 7th Framework Programme (FP7), in the
framework of the call “Energy saving technologies for buildings envelope retrofitting”
- was launched in March 2012 responding to the need to promote buildings’ energy
efficiency in Europe in order to achieve the EU’s 2020 ambitious climate and energy
targets. The concept behind the EASEE project was the development of a toolkit for
energy efficient envelope retrofitting of existing multi-storey and multi-owner buildings
(particularly the project targets residential buildings with cavity walls built before the
70’s) allowing a relevant energy demand reduction [1].

Indeed, EASEE proposed both innovations on the technological side, developing
different types of advanced insulating components and materials for the three envelope
parts (namely for the outer façade, for the cavity wall and for the interior) and inno-
vations on the software side, offering a new consulting service tool for building ret-
rofitting (namely the Retrofitting Planner including the Design Tool). These new
technologies, processes and software developed within the project have been integrated
towards the development of a new holistic approach to building retrofitting aimed at
reducing time and costs associated to this activity while guaranteeing higher energy
efficiency, minor burden to building occupants and façade original aesthetic preser-
vation [2].

Concerning the exterior retrofitting, an innovative lightweight modular prefabri-
cated multi-layer insulating panel made of Textile Reinforced Mortar (TRM) with a
core made of polystyrene foam obtained without any further interface material has been
designed, with a mortar layer thickness below 15 mm and a maximum dimension about
5 m2 [3]. These panels have been tested first at material level (optimization of mortar
mix, adhesion of material, etc.), at prototype level (mechanical, thermal and
hygrothermal behavior) and then at real scale level (Ultimate (ULS) and Serviceability
(SLS) tests and displacement controlled tests) till the final characterization of the
panel’s design [4]. Their unique manufacturing process (a dedicated formwork) has
been also designed, manufactured and optimized.

During the project have been developed a pre-installed (in the pre-casted panel) and
post-installed (drilled in the façade) anchoring systems, able to guarantee a degree of
vertical and horizontal adjustability of at least ± 10 mm to compensate on-site
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tolerances in connections, hold a vertical load between 400 and 500 N for each
anchoring, which is compatible with an estimated facade weight of about 600–
700 N/m2 and made of materials with the lowest possible thermal conductivity and
highest strength to minimize thermal bridges.

According to the final design, the delivered panels provided a limited weight (about
75 kg/m2) and were characterized by high durability (expected: 30 years), high insu-
lation properties (reduction of the wall thermal transmittance and minimization of
thermal bridges), ensuring an installation without requiring scaffolding with an easy
and dry procedure, good finishing and texture in order to reproduce or enhance the
original façade appearance and last but not least a quite high customizability in order to
easily address every kind of façade. Easiness of replacement was also ensured.

This retrofitting solution has been first installed at test façade level and properly
monitored, showing a decrease in heat loss (U-value) of around 65% concerning the
exterior envelope.

After testing at small scale, the EASEE retrofitting approach was then implemented
at real scale level. Three residential buildings in different countries (Poland, Spain,
Italy) have been selected towards the validation of the external retrofitting solutions.

A monitoring campaign showed relevant environmental impacts (in terms of energy
savings, CO2 reduced emissions and increased indoor comfort), societal impacts
(in terms of new jobs generation, regeneration of urban areas and safety in installation)
as well as economic impacts, namely financial savings and accessible payback periods.

Activities at demo buildings allowed the consortium not only to validate the ret-
rofitting approach, in terms of technologies and software developed and implemented,
but also to think about how to propose the EASEE approach to the market, and thus to
real clients through dedicated business models and market strategies.

The Project was successfully completed in 2016 (Fig. 2).

Fig. 1. Sketch of the precast multilayer panel
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2 Italian Demo Building

The Italian demo building was located in Cinisello Balsamo, in the metropolitan urban
area of Milan. The town lies in the high plains of Lombardy, at 154 m above sea level
with a temperate climate.

The building (Fig. 1) is a multi-storey and multi-family residential building owned
by the Social Housing Agency of Lombardy (Azienda Lombarda Edilizia Residenziale
- ALER) Milan division. It was built in 1971 and it is constituted by three floors above
ground and a basement where there are garages for cars (Fig. 3).

Fig. 3. Italian demo building before the retrofitting

Fig. 2. Flexural test of the precast multilayer panel
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2.1 Goal and Scope

The Italian demo building was targeted to validate the retrofitting approach on a large
scale, from assessment of the starting conditions to the manufacturing and installation
of the modular elements to the monitoring of performance after retrofitting.

The chosen building was selected among others due to the fact that it perfectly
fulfilled the desired specifications towards the demonstration activities (multi-family
multi-owner building built in the 1970 s). Moreover the information collected from the
survey with a thermal imaging camera revealed and confirmed the needs to apply an
energy retrofitting in order to solve the high energy losses from the envelope.

Among the other reasons, the Italian demo building retrofitting, as a social housing,
would improve the importance of replicability and impact of the EASEE approach for
future improvement and applications. In particular, by retrofitting the overall building
(more than 500 m2) the following aspects have been validated:

– panels’ colours and textures;
– methodology for building (geometrical and energetic) assessment;
– BIM approach applied to EASEE retrofitting approach;
– yard preparation and installation process;
– impact on the construction process practice and on the occupants as well as on

energy efficiency of the building joints installation and technical details around
balconies, corners, doors, windows, etc.;

– finishing activities;
– energy performance of the overall intervention.

Monitoring campaigns have been performed before, during and after the retrofitting
of the building in order to know the improvements that the retrofitting solutions pro-
vided to the building.

2.2 Building Assessment Before Retrofitting

The building geometrical, structural and energetic assessment has been performed
towards a complete evaluation of building boundary conditions and the validation of
the building assessment methodology set up by Politecnico of Milan.

Regarding the existing structure, the building was made with pillars and reinforced
concrete beams. The floors were made of reinforced cement, while the vertical closures
were made of reinforced concrete. The closures had vertical against a wall with a 8 cm
air gap of 5.5 cm. Externally there was no plaster but the closures were in exposed
concrete.
The survey of the as-built building was devoted to:

• derive plans, elevations and sections (2D);
• derive a BIM model (3D).
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Both 2D and 3D design are thought as a support for the design of the retrofitting
intervention. In particular, the demo building surveys and data modelling carried out
consisted in:

• local datum definition and arrangement of a geodetic network for ground control
point measurement;

• laser scanning survey;
• modelling of the building as a support for the design of the external retrofitting and

anchoring definition;
• generation of a Building Information Model (BIM) of the building.

2.3 Retrofitting Design

BIM was extensively used at supporting the building design of the Italian building
retrofitting, towards the anchoring systems definition, check congruence with irregu-
larities façade, indication for adjustment anchor and related tracking on site.

The envelope was entirely retrofitted: in this way it was possible to identify the
building’s behavior before and after the application of EASEE solution. Pictures below
provide the final design of the facades (final drawing) where the yellow part represents
traditional retrofitting, and the gray part the EASEE panels with different finishing
surfaces (color and matrix) (Fig. 4).

During the site work some details have been changed to make better and faster
solutions in the connection between EASEE solution and the traditional solution and to
finish the covering solution next to balconies and windows (Fig. 5).

Fig. 4. Italian demo building: final drawing
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Executive technical details As built details 

  

 
 

  

Fig. 5. Technical preliminary details and executive as built details
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2.4 External Retrofitting Process

Once the municipality permitting procedure has been accomplished, the site yard has
been opened in the second half of October 2015. The various activities were managed
by the enterprise by enabling workers to play together to maximize the timing and not
to hamper each other. Contingency plan for accelerating the production process for
panels manufacturing has been put in place enabling to close in advance the panels
production while improving the aesthetic of the panels.

In particular, the contingency plan put in place for respecting the very strict time
scheduling foresaw that the production of the panels would have been done both using
the vertical and horizontal mould (already in-house at Magnetti). To this aim, the
horizontal moulding procedure has been investigated, trial panels produced to evaluate
problems and aesthetic of the panels. Tests for understanding the mechanical and
bending behavior have been performed.

If in a first phase of material and preparation order of the formwork panel vertically
thrown seems winning, the horizontal jet panel is all in all of easier production and with
a better surface finish.

The prefabricated panels were thus transported by truck from Carvico (Bg) (where
they were produced) to Cinisello Balsamo (Mi) where they were delivered at the test
site and unloaded by the crane of the truck. The panel’s installation was made without
scaffoldings. A small crane vehicle trucks was used for both anchoring and panels’
installation.

The joints between panels were made using a low elastic modulus neutral-curing
silicone sealant with outstanding ageing resistance. The silicon was placed on poly-
urethane backfill material in order to reduce the danger of cracking. The joints showed
no trace of superficial cracks thanks to the high resistance to UV rays. Around the
whole perimeter of the demo building, the cavity between the panels and the existing
wall was closed using sealing and metal flashing. Thus, the air permeability was
drastically reduced and a close air cavity created.

Below, pictures of the main steps performed during the external retrofitting of the
Italian demo building are provided (Fig. 6).

During building retrofitting the occupants have always expressed interest and very
positive attitude towards the works. During the construction phase they really appre-
ciated the absence of scaffolding and the possibility to perform daily activities in full
freedom. Moreover, they also experience the quick installation of the panels them-
selves. The widest façade of the building have been indeed retrofitted in approximately
10 days. The total retrofitting lasted less than 3 months.

Finally, building occupants also appreciated the benefits that the EASEE thermal
solution was providing, not only in winter but also in summer when they always have
bad hot sensation inside their homes.
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Fig. 6. Steps of installation processes and technical details
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Pictures of the buildings façade are provided below (Fig. 7).

Before retrofitting After retrofitting

West façade

North façade

East façade

South façade

Fig. 7. Pictures before and after retrofitting
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3 Monitoring Campaign

The evaluation of the energetic impacts related to the application of the EASEE retrofit
solution to the demo building has been done both through simulations and through
empirical models based on measured values and real savings.

To evaluate the energy performance, the difference in U-value (W/m2K) before and
after the retrofitting has been chosen. A monitoring system, already installed in order to
evaluate the building performance before the retrofitting intervention, has been working
for months to measure post-installation performance [5].

Figure below provides the stratigraphy of the demo building before retrofitting and
the calculation of the thermal transmittance used as benchmarking value, corresponding
to 0,80 W/m2K (Fig. 8).

After retrofitting through the EASEE panels, the stratigraphy of the wall and results
of the transmittance calculated are provided in Fig. 9 and corresponds to 0,24 W/(m2K).

As described, a dedicated monitoring campaign has been performed in situ through
the installation of sensors. The data recorded by the sensors have been automatically
transmitted by wi-fi connection to a server at Politecnico of Milan and checked and
tabulated in order to calculate the thermal transmittance and validate the results pre-
viously obtained. The graph below shows the value of the global transmittance step

Structure name Stratigraphy 1

Location Milan

Structure type Walls

Number of layers 3 

Total thickness 0,2625 m 

Total thermal resistance 1,2481 (m2K)/W

Total thermal transmittance 0,8012 W/(m2K)

Fig. 8. Stratigraphic detail before the retrofitting and relative thermal transmittance
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by step, the average transmittance and the value of the transmittance obtained by using
the progressive average. The transmittance was 0,83 W/(m2K) (Fig. 10).

The transmittance obtained with the new wall configuration was equal to
0,27 W/(m2K). The thermal transmittance reduction between before-after retrofittingwas
equal to 67%, meaning reduced energy consumption and higher thermal comfort
(Fig. 11).

Structure name Stratigraphy 2

Location Milan

Structure type Walls

Number of layers 7

Total thickness 0,4665 m

Total thermal resistance 4,2065 (m2K)/W

Tot thermal transmittance 0,2377 W/(m2K)

Fig. 9. Stratigraphic detail after the retrofitting and relative thermal transmittance

Fig. 10. Thermal transmittance before the retrofitting
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4 Conclusions

In this paper an innovative retrofitting process is presented.
More than 500 m2 (186 panels for a total of 28 different typologies in terms of size,

colors and textures) have been retrofitted through the EASEE panels in less than 3
months. The process was entirely carried out without scaffoldings and this was really
appreciated by the building occupants.

Another important advantage with the prefabricated EASEE panels was the pos-
sibility to cover building imperfection by adjusting the anchoring systems, as for
example the non-perfect wall inclination. The prefabricated nature of the EASEE
panels and the fact that they do not need any finishing allowed to work also in bad
weather conditions due to the dry process used, considerably reducing the dead times
especially in cold climates.

The industrial target of EASEE was to achieve the energy performance required by
national regulation with an innovative solution whose initial price will be higher than
standard ones, but that will reduce or even eliminate the additional costs related to
standard retrofitting procedure thanks to the easy installation of modular components
on the existing façade without scaffolding. Furthermore, part of the cost could be
recovered through the energy savings during the years.

The evaluation of the techno-economic feasibility and success of the EASEE ret-
rofitting approach (including products, processes and services provided to the final
user) was performed focusing on the following aspects:

• energetic impacts (energy performances evaluation and related energy savings in
terms of building consumptions, thermal comfort, etc.);

• economic impacts (in terms of cost effectiveness during the life cycle of the
building);

• indirect industrial impacts (i.e. savings in terms of installation timing and work-
force, waste reduction, CO2 emissions, burden minimization).

Fig. 11. Thermal transmittance after the retrofitting
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Indeed, dedicated monitoring campaign was performed before and after the retro-
fitting in order to have data useful for the validation of the panels’ performances.
Starting from the above numbers and considering as a target market 2% of the 10
million of residential buildings built before 1975 in Europe, a potential annual energy
saving of almost 8 million kWh corresponding to 2 billion euros per year can be
obtained. Of course these numbers referred to the optimized products, which according
to the project partners could be achieved in 2 years from the project end.
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Abstract. The durability of concrete can be reduced by several chemical
phenomena, among them the alkali-silica reaction (ASR) plays a fundamental
role. Such reaction can have a severe impact on structure safety and functioning.
This work deals with the evaluation of the effects of ASR in existing concrete
dams. To this purpose, a phenomenological two-phase isotropic damage model,
describing the degradation of concrete, is presented and used to simulate the
behaviour of concrete dams affected by ASR. This model takes into account the
simultaneous influence of both humidity and temperature through two uncou-
pled diffusion analyses: the heat diffusion analysis and the moisture diffusion
analysis. The role of the temperature and humidity fields variations on the
development of the deleterious reactions is discussed in the case of an arch dam.
The numerical analyses, performed with the proposed thermo-hydro-damage
model, allowed to predict the structural behaviour both in terms of reaction
extent and increase of crest displacements.

Keywords: Alkali-silica reaction � Damage model � Concrete dams
Finite element analysis

1 Introduction

Concrete is one of the most widely-used materials in the world. The safety, efficiency
and durability of concrete structures (many of them with a big social and economic
role, e.g. dams) can be endangered by deleterious chemical phenomena like alkali-silica
reaction (ASR). Such process occurs between amorphous silica contained in the
aggregates and the alkali present in the cement paste, with the formation of a gel. Due
to the imbibition of water the gel swells and exerts a pressure that can cause severe
expansion and damage. It takes many years, however, for the reaction to occur and the
symptoms to become visible.

The material degradation due to ASR was firstly discovered by Stanton (1940).
Since then a lot of research effort has been devoted to describe the reactions occurring
between aggregates and cement paste, to characterize experimentally the consequent
expansion and to develop proper material models to describe the structural effects.
These latter should be correctly predicted in order to assess the safety of concrete
structures, and in particular dams, affected by ASR. Several examples of concrete dams
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subject to ASR are reported in scientific literature (see e.g. Kladek et al. 1995; Bérubé
et al. 2000; Ingraffea 1990).

The influence of temperature and humidity conditions on the ASR was studied
through several experimental campaigns (as described in Larive 1998 and Multon and
Toutlemonde 2010), but a quantitative assessment of the relative importance of tem-
perature and moisture gradients in concrete dams affected by ASR still lacks.

The present work deals with a phenomenological two-phase isotropic damage
model, based on one internal variable of mechanical damage, which depicts the
degradation due to the state of stress (tension and compression), caused by the
expansion of the reaction products and/or by the external loads (Comi et al. 2012). In
the context of the Biot’s theory of porous media (Coussy 2004), the concrete subject to
alkali-silica reaction is represented as a continuous medium consisting of two phases:
the solid skeleton of concrete and the expansive products of the reaction.

The model, accounting for the simultaneous effect of the temperature and humidity,
was applied to the analysis of an existing arch concrete dam affected by ASR. A weakly
coupled approach was followed: a preliminary heat diffusion analysis and moisture
diffusion analysis allowed to compute the varying fields of temperature and humidity,
which were the input of the subsequent chemo-damage analysis.

2 Bi-phase Damage Model

At the meso-scale concrete affected by ASR is here described as a two-phase hetero-
geneous material constituted by the homogenized concrete skeleton (cement paste,
aggregates and non-connected porosity) and the homogenized wet gel (combination of
the gel produced by the chemical reaction and the adsorbed water).

Let V be the total volume of the representative volume element (RVE), Vs the
volume of the solid skeleton, Vg the gel volume and Vw the volume occupied by the
water. The degree of saturation of the water Sw is defined by Sw = Vw/(V − Vs − Vg)
and used for characterizing the moisture content. The degree of saturation for the gel Sg
is defined as the ratio between the volume currently occupied by the gel and the
maximum volume that it can occupy. The water and the gel are assumed to fill two
different porosities. The water partially fills the initial concrete porosity, while the gel
consumes the silica particles necessary for the reaction. Therefore Sg is always set equal
to one. Due to the fact that concrete has lower permeability for the gel, it is possible to
consider locally drained conditions with respect to the water and locally undrained
conditions for the gel.

Assuming small strains and quasi-static conditions, the compatibility and equilib-
rium equations for the bi-phase solid are

e ¼ 1
2

grad uþ gradT u
� � ð1Þ

div rþ q b ¼ 0 ð2Þ
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where: e is the small strain tensor of the skeleton; u is the skeleton displacement; r is the
Cauchy stress; q is the mass density; qb is the body force of the solid and the fluid mix.

2.1 Transport Laws

This model takes into account the simultaneous influence of both humidity and tem-
perature through two uncoupled diffusion analyses: the heat diffusion analysis and the
moisture diffusion analysis.

As already remarked, the low permeability of concrete with respect to gel allows to
neglect the transport of gel, while the migration of the water has to be described by an
appropriate transport law for moisture (3). In this paper it is expressed as a function of
Sw and it is the combination of the Darcy’s law for fluid flow in porous media with the
mass conservation law (4).

uwSw _ww ¼ � k
gw

� krwgradpw ð3Þ

divðqwuwSw _wwÞþ @ðqwuwSwÞ
@t

¼ 0 ð4Þ

where: uw is the water porosity; ẇw is the relative velocity of water with respect to the
solid; k is the intrinsic permeability of concrete; krw is the permeability of water; ηw is
the dynamic viscosity; pw is the water pressure.

By substituting (3) in (4) the following non-linear transport law for moisture in its
liquid form is obtained

divðDwgradSwÞþuw
@Sw
@t

¼ 0 ð5Þ

where: Dw is the permeability of concrete, dependent on the degree of saturation Sw (for
details see Mainguy et al. 2001).

The heat conservation law can be written as

C
@T
@t

¼ r � div qþur ð6Þ

where: T is the temperature; C is the volumetric heat capacity of concrete; r is the heat
source; q is the heat flux vector in the volume; ur is the heat adsorbed or released if the
reaction occurs.

The linear and isotropic Fourier conduction law can be adopted for the heat flux

q ¼ �DTgradT ð7Þ

where: DT is the isotropic heat conductivity coefficient.
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By substituting (7) in (6) and neglecting the terms ur and r, the heat diffusion
analysis is governed by the following heat transport law

C
@T
@t

¼ divðDTgradTÞ ð8Þ

2.2 State Equations

In the bi-phase model proposed in Comi et al. (2012) the stress r is the sum of the
effective stress r′ (acting on the skeleton) and of the stress –bp1 (acting on the gel),
where b is the Biot’s coefficient. In order to model the concrete skeleton degradation,
the internal isotropic damage variable D is introduced. Finally, the gel formation and
expansion are described by the volumetric fraction of the gel fg.

The state equations relating the static variables (stress and gel pressure) to the
conjugate kinematic variables (strains and volumetric fraction of gel) are derived from
the free energy potential W. They read

r ¼ ð1� DÞ2G eþKðtr e� ahÞ1� bp 1 ð9Þ

p ¼ �ð1� DÞMðbtr e� fg � aghÞ ð10Þ

where: G and K are the shear and bulk moduli of the homogenized concrete skeleton;
e is the deviatoric strain tensor; M is the Biot’s modulus; a and ag are the volumetric
coefficients of thermal expansion of the skeleton and of the gel respectively; h =
T − T0 is the temperature variation with respect to the reference temperature T0.

The constitutive model is completed by the evolution equations for the variation of
the gel volume content, assumed proportional to the rate of the reaction extent n, a
phenomenological internal variable (varying from 0 to 1)

_fg ¼ c _n ð11Þ

c ¼ KþMb2

Mb
e1ASR ð12Þ

where: e1ASR is the free asymptotic volumetric expansion due to ASR in the isothermal
fully saturated case (Sw = 1).

Considering a first order reaction kinetics, the following form for the reaction rate is
considered

_n ¼ fSw � nh iþ
~t

ð13Þ

fSw ¼ 1þ b1expð�b2Þ
1þ b1expð�b2SwÞ ð14Þ
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where: b1 and b2 are material parameters calibrated with experimental data; ~t is the
intrinsic time of the reaction depending on the local histories of temperature T(t) and of
degree of saturation Sw(t) and on the reaction extent n(t). ~t is expressed in terms of
latency time and characteristic time, both depending on T and Sw

1
~t
¼ n=fSw þ expð�slat=schÞ

schð1þ expð�slat=schÞÞ ð15Þ

where slat and sch are defined as in Comi et al. (2012).

2.3 Evolution Equations for the Damage

The evolution of the damage variable D, considering possible activation both in tensile
(Dt) and in compression case (Dc), is governed by loading-unloading conditions
defined in terms of r and p through r″

r00 ¼ rþ bp1 ð16Þ

fi ¼ 1
2
s : s� aiðtr r00Þ2 þ bitr r

00hi � kih
2
i � 0 ð17Þ

fi � 0 _Di � 0 fi _Di ¼ 0 i ¼ t; c ð18Þ

where: ft and fc are the damage activation functions in tension and compression; s is the
deviatoric stress; ai, bi, ki (i = t, c) are material parameters governing the shape and
dimensions of the elastic domain (see Comi and Perego 2001 for details); ht and hc are
the hardening-softening functions

hiðDiÞ ¼
1� 1� rei

r0i

� �h i
1� Di

D0i

� �2

1� Di�D0i
1�D0i

� �ci
h i0:75

8><
>:

ð19Þ

The model has been validated by simulating the experimental campaign of Gautam
and Panesar (2016). Their work presents the development of a new method to apply
multiaxial stresses cube specimens of concrete affected by ASR. During these tests the
strains were monitored in the three directions. The results demonstrated a strong
influence of multiaxial stress states on the ASR expansion of concrete.

Figure 1 shows the comparison between the experimental strains and the model
ones in the three directions (X, Y and Z) for specimens subjected to free expansion and
to a uniaxial compression load (10 MPa in X direction).

The specimens under free expansion conditions showed similar expansions in the
three directions (blue points in Fig. 1(a) and (b)). The small anisotropy is due to the
experimental conditions which the model does not take into account (curve in
light-blue). When stress is applied in the X-direction, the expansion is suppressed in the
same direction, while the remaining two directions have similar expansions, which are
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greater than the corresponding expansions of the stress-free specimens. The model
correctly reproduces the experimental data.

In Fig. 2 the damage evolution corresponding to the two tests is represented.

(a) (b)

Fig. 1. Comparison between experimental data (Gautam and Panesar 2016) and model results in
terms of (a) X and (b) Y-Z strains: free expansion and uniaxial loaded specimen (10 MPa) (Color
figure online)

Fig. 2. Damage evolution for the specimens under free expansion condition and compression
uniaxial load of 10 MPa.
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3 Case Study: An Arch Dam Subject to ASR

In this section a structural analysis of an existing concrete arch dam subject to ASR is
presented.

The dam analysed in this work was the object of the XI ICOLD (International
Commission on Large Dams) Benchmark Workshop (2011), in which the effects of
concrete swelling on the dam equilibrium and displacements were studied. The object of
the analysis is a long double curvature arch dam, characterized by a structural height above
foundation of 128 m, a developed crest length of 617 m and a crest thickness of 13 m.

3.1 Monitoring System and Data

The water level oscillations from 1963 (year of the completed impoundment of the
lake) to 2010 is shown in Fig. 3. During the 1963–1994 operation period, the variation
of the water level was limited and 3 periods are identified: 1963–1973 high level
(483.8 m), 1974–1981 very high level (486.1 m) and 1982–1994 low level (479.9 m).
From 1995, the reservoir level has been more variable.

The monitoring system for the dam-foundation system is represented by 6 lines of
pendulums and leveling along inspection galleries (Fig. 4). Radial displacements are
measured at points marked in blue, while the vertical displacements are measured at
points highlighted in red in Fig. 4.

Finally, a special instrumentation consisting of a set of correction vibrating wire
sensors is installed which allows to determine correctly the stress inside the hydraulic
structure with correction from thermal and creep effects. Indeed, these devices indicate
a discrepancy between measured stresses and deformations, which deviate from elas-
ticity. This phenomenon was identified as being due to ASR expansion.

In the seventies long-term laboratory tests have been carried out which demon-
strated that a relationship between the local stress tensor and the anisotropic swelling

Fig. 3. Reservoir level from 1960 to 2010.
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rate tensor exists. The monitoring horizontal and vertical movements confirm that
swelling inside the dam body is neither uniform nor isotropic.

3.2 Finite Element Analysis

A tridimensional mesh with brick (20 nodes) and tetrahedron (10 nodes) elements has
been employed, as depicted in Fig. 5 (only the hydraulic structure) and Fig. 6 (for the
dam-foundation system).

First the temperature and humidity effects were evaluated, through the diffusion
analyses described in Sect. 2.1; then the mechanical analysis of the studied dam was
carried out to compare the structural response obtained by the model with the real
monitoring data.

3.3 Mechanical Properties of Materials

For the foundation rock and the dam concrete the mechanical properties of Table 1
were assumed: modulus of elasticity E, Poisson’s ratio m and unit weight q. These
properties were considered homogeneously distributed both in the dam body and in the
foundation.

Fig. 4. Location of the monitoring instruments in the arch dam. (Color figure online)

Fig. 5. Finite element model for the arch dam
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A compressive strength fc = 44 MPa, a tensile strength ft = 2 MPa and fracture
energies (in compression and tension respectively) Gfc = 30 N�mm−1 and Gft = 0.3
N�mm−1 were assumed for concrete.

The parameter governing the ASR phenomenon were calibrated in order to fit the
few available real data.

3.4 Thermal Analysis

To determine the history of the temperature field within the dam, a heat diffusion
analysis, solving the Fourier’s equation (8) with Dirichlet boundary conditions was
performed.

In a first step a steady state analysis allowed to determine the stabilized temperature
in the internal nodes of the mesh, starting from the initial uniform field of temperature
T = 288 K. The following boundary conditions were chosen for this analysis: a con-
stant temperature on the downstream face of the dam and on the dam-foundation
contact, equal to the annual average (297 K) and 283 K respectively. Furthermore, a
constant water level was considered in this analysis (equal to 482 m, that is the average
level from 1970 to 2010) and from this value to 20 m under it (on the upstream face)
the temperature was considered linearly varying from the annual air average and
283 K. The boundary conditions just explained are shown in Fig. 7.

Figure 8 highlights some nodes used to present the results in terms of temperature
(A = in contact with air, B = influenced by the reservoir level, C = internal node).
These nodes will be considered also for the results of the humidity diffusion analyses.
In this Figure, also the contour plot of the stabilized temperature is shown.

Fig. 6. Finite element model for the dam-foundation system

Table 1. Mechanical properties of the materials

Material E
GPa

m
�

q
kN=m3

Foundation rock 10.0 0.2 -
Dam concrete 22.0 0.2 2350
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The second step consisted of a thermal transient analysis, in which the real annual
variation of air temperature, shown in Fig. 9, was applied. Furthermore, the real
reservoir level variation (Fig. 3) was considered and from the top level to 20 m under it
the temperature varied linearly (from air temperature to the constant value of 283 K).

Fig. 7. Initial boundary condition in terms of average temperature field.

Fig. 8. Location of the nodes considered for the diffusion analyses and contour plot of the
stabilized temperature in K.

490 M. Colombo and C. Comi



It is worth noting that the nodes in contact with the rock foundation maintained a
temperature of 283 K, as in the first stationary analysis.

In Fig. 10 the histories of temperature at different points of the dam obtained with
this second transient analysis are depicted.

3.5 Humidity Analysis

As in the case of thermal analyses, a preliminary moisture diffusion analysis was
performed before the transient humidity analysis.

For the first analysis we assumed the initial uniform field of the degree of saturation
Sw = 0.93 and boundary conditions corresponding to a water level of 482.60 m, so the
nodes submerged were characterized by a complete saturation, while at the nodes in

Fig. 9. Annual air temperature in K

Fig. 10. Histories of temperature of some nodes (A, B, C) of the dam
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contact with air an average value of 0.64 was applied. This value is the mean of the
sinusoidal annual variation of Sw, represented in Fig. 11. The obtained pattern of
saturation degree is shown in Fig. 12.

Then, the transient humidity analysis was performed considering the annual
oscillation of Fig. 11. Figure 13 reports the obtained histories of humidity of different
nodes of the dam mesh. It should be noted that, at difference with what happens for
gravity dams, a significant gradient of the saturation degree is present in the whole dam
and therefore the humidity effect on the ASR evolution is expected to have a significant
role in the structural response.

Fig. 11. Annual air humidity in terms of degree of saturation

Fig. 12. Stabilized saturation degree pattern
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3.6 Mechanical Analysis of the Dam-Foundation System

The results of both the heat and the moisture diffusion problem were used as input for
the mechanical analysis of the dam, aimed to evaluate the response due to ASR.

In Fig. 14 the reaction extent evolution in some nodes of the dam is depicted. The
reaction extent is different depending on the position of the node in the dam and,
differently to the gravity dam cases, it depends mostly to the saturation degree rather
than to the temperature.

The development of ASR produced an overall expansion of the dam with a per-
manent variation of radial and vertical displacements, which was superposed to the
normal seasonal oscillation. Figure 15(a) shows the amplified configuration of the dam
at t = 4 months, when the reaction has not started yet and the hydrostatic load causes an

Fig. 13. Histories of saturation degree of some nodes (A, B, C) of the dam

Fig. 14. Reaction extent of some nodes (A, B, C) of the dam.

Damage Analyses of Concrete Dams Subject to ASR 493



overall displacement in the upstream-downstream direction. After some years (at
t = 120 months) the dam expanded due to the reaction and an overall displacement in
the opposite direction is observed, as depicted in Fig. 15(b). These different behaviors,
qualitatively in agreement with the available monitored data, are better highlighted in
Fig. 15(c), in which the deformed shape is represented with respect to the mid-section
of the dam (using an amplification factor = 1000).

(a)

(b)

(c)

Fig. 15. Deformed configuration of the dam (a) for t = 4 months (due only to hydrostatic
pressure), (b) after 10 years (due also to ASR swelling) and (c) corresponding deformed shapes
wrt the mid-section
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4 Conclusions

In this work a bi-phase damage model for concrete subject to alkali-silica reaction is
presented and used to perform a mechanical analysis of an existing concrete arch dam.

Firstly, the effects of temperature and of humidity on the hydraulic structure were
evaluated through a heat diffusion analysis and a moisture diffusion analysis respec-
tively. Then, the solution of these two analyses were considered as input for a con-
sequent mechanical analysis, used to define the response due to ASR. The moisture
gradient is present in the whole body of the dam and, through the reaction extent, it
influenced the structural effect of ASR, contrary to the gravity dams for which the
influence is almost absent. The results in terms of displacements are qualitatively in
agreement with the available real structural data.

The material parameters used in the model to define the mechanical behaviour and
the reaction development have been fixed using the few experimental information
available. A further calibration of these parameters, currently in progress, is required to
quantitatively reproduce the monitored data.
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Affected by Swelling Deformation, to Bring

the Behavior Back from Arch to Gravity
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Abstract. This paper deals with the rehabilitation and maintenance of the Lago
Colombo Dam, owned by Enel S.p.A. since 1962. Comprehensive studies of the
dam condition and behaviour pointed out the necessity of important rehabilitation
works, to improve the safety conditions and to ensure the efficiency of the dam.
Its original gravity behaviour was restored and the arch effect was reduced. The
final solution consisted in the crack grouting with special self-compacting mineral
mortar and in the carrying out of two new vertical structural joints, by means of
slot cutting (2 cm wide) with diamond wire. Others additional improvement works
were also carried out. The works started in 2010 and were successfully completed
in 2011; in summer 2012 and 2013, the reservoir was re-impounded and the dam
behaviour monitored after the rehabilitation. The dam monitoring of the last years
has confirmed the change of dam behaviour as required in the rehabilitation
project.

Keywords: Rehabilitation · Cutting with diamond wire · Crack grouting
Dam monitoring

1 Introduction

The Lago Colombo Dam is situated in the Orobian Alps (Lombardia - Italy) over 2000 m
a.s.l. It was built in 1924–1928 for hydropower generation.

The 31 m high dam was built as a gravity structure, with some particular design
features (see Fig. 1):

– no vertical joints;
– a concrete upper part with significant curvature (Rc = 80 m);
– a narrow masonry lower part (about 40 m wide), embedded between rock abutments.

The dam crest is about 140 m long.
The dam foundation consists of a compact sandstone-slate rock.
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2 Dam Behaviour

2.1 Monitoring

Sub-vertical small fissures arose immediately after the dam construction because of
concrete shrinkage. Since early eighties the opening/closing movements of fissures were
monitored with manual measures: measured displacements have always been of the
order of tenths of a millimeter.

The crest displacements have been monitored by topographic alignment measure‐
ments (collimation) since the dam construction. It was observed a regular behavior, with
seasonal fluctuations of about 15 mm, until the end of eighties, when the dam crest began
to show an irreversible displacement toward upstream. Besides slight cracking started
growing on the dam downstream face. A main horizontal crack developed roughly
between the concrete upper part and the masonry lower part of the dam. Between 1992–
1994 and again between 2003–2004 Enel endowed the monitoring system with imple‐
mentation, consisting mainly of:

– an inverted pendulum in the maximum cross-section (two measure points, one under
the crest and another in foundation);

– 6 extensometers (4 on the main horizontal crack);
– 22 survey points for leveling measures;
– 4 piezometers for uplift control.

All the new measures are both manual and automatic.
The main horizontal crack widened up to 15 mm (as shown by measures, see Fig. 2)

in 20 years (1990–2010), extending itself to 100 m onto downstream face (see Fig. 5).
The crack was investigated in 2002 and a 4 m depth was estimated, however it never
reached the upstream face, even as a fissure.

Fig. 1. The dam upstream face and layout
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Fig. 2. Crack displacements.

The drift of the crest displacement (as evaluated by means of collimation and inverted
pendulum measurements) was about 1.5 mm/year (see Fig. 3). Also the leveling meas‐
urements, started in 2003, showed a slight rising (about 0.7 mm/year) of the crest.

Fig. 3. Crest drift

2.2 Investigations

Extensive investigations were carried out to establish the causes of this behavior.
Geological and geomechanical surveys excluded foundation or abutments movements.
Diagnostic investigations [1] on concrete, looking for chemical processes causing swel‐
ling deformation, found some evidence of slight alkali-silica reactivity and chemical
produced gel with high Ca/Si ratio. The laboratory tests evaluated a swelling deforma‐
tion of 0.05–0.06% in a year.

Besides, the main horizontal crack was investigated [2] by means of 5 corings and
video inspections in the central part. Two corings were carried out in the crack plane,
other two under this plane and the final one above it. The investigation allowed to
discover the crack placement, deepness and size. As shown in Fig. 4 the crack was found
sinking inward the dam body for about two meters perpendicularly to the downstream
face and for about other two meters horizontally.
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Horizontal crack

Fig. 4. Extension and direction of the main crack in the highest cross-section.

The investigation showed also the different size of concrete aggregates underlying
and overlying the crack. The width of the crack in 2009, before the rehabilitation works,
was more than 2 cm.

Statistical and numerical models [3], geological analysis, static and seismic stability
calculations [4] were carried out too for the rehabilitation design. The results of the
simulation of the dam behavior as monolithic with numerical models showed that in the
crack area there were tensile stresses, even if small. Somehow the main crack area ideally
divides the wide concrete upper part from the narrow masonry lower one and that area
could have been affected by a low tensile strength. The introduction of an artificial load
(an increased lapse rate) that simulated the effects of swelling, succeeded in reproducing
the measured irreversible displacements, both of the dam crest and of the crack opening.

2.3 Conclusions

In conclusion, particular geometric configuration, different building materials, swelling
deformation due to alkali-aggregate reaction, contributed to the crack formation and
irreversible opening. The crack and the nearby region became the weakness surface and
the plastic hinge for the irreversible rotation of the upper part of the dam. The more the
crack opened, the more rotation increased. Finally, winter temperatures and freeze-thaw
cycles concurred in undermining the crack region.
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3 Rehabilitation Works

The rehabilitation design was carried out by Enel Produzione S.p.A. – Civil and
Hydraulic Engineering. It was aimed to restore the structural continuity of the weak and
cracked region, to reduce the stress in the dam and to stop the growth of cracking,
bringing the dam behavior back from arch to gravity, according to the original structural
scheme.

3.1 Design Choices

On the basis of the in-depth analysis and studies described above, two main actions were
designed:

– grouting of the crack and nearby region by means of special self-compacting mineral
mortar;

– two new vertical structural joints build by means of slot cutting (2 cm wide) with
diamond wire.

These works, completed in summer 2010, restored the structural continuity, rein‐
forced that part of the dam body and granted proper strength to the stresses ensuing from
the subsequent cutting. Indeed the two cuttings, located at the beginning of the narrow
lower part (see Fig. 5) and completed in summer 2011, entailed the splitting of the dam
body in three independent blocks, restoring the gravity behavior.

Fig. 5. The rehabilitation design

Two different cement grouts were designed (see Fig. 6):

– a self-compacting, fiber-reinforced, structural mortar, with compensated shrinkage
and made of aggregates no larger than 2.5 mm, to fill and plug up the external part
of the crack;

– expansive mineral binder for hyperfluid injection slurries, with smaller aggregates
(200 μm of maximum size), to clog the deeper and thinner part of the crack.
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Fig. 6. The grouting scheme of the crack

The width of the slot cuttings was designed 2 cm taking in account the following
different factors:

– the residual potential of swelling deformation;
– seasonal opening/closing extent;
– instant elastic release at the cutting.

The 2 cm width should provide the functionality of the new joints for at least 20
years.

The execution of the two cuttings was designed from top to bottom in order to avoid
final stress concentration at the narrow crest zone. Therefore an upstream-downstream

Fig. 7. Cutting scheme.

Slot Cutting of the Lago Colombo Dam 501



boring hole was provided to thread the diamond wire. Several gears and a lead mobile
track installed upon the upstream face enabled the cutting, first top downwards then
downstream-upstream, as long as the wire deformability allowed (see Fig. 7). The
machine was located at the dam heel and it moved along a track back and forth, progres‐
sively shortening the wire.

The wire, designed expressly for these concrete cutting works, was made of a steel
core and a series of steel beads (more than 2 cm diameter), covered of diamond dust
(see Fig. 8). The 2 cm width required the carrying out of adequate flywheels, larger than
the ones normally used for concrete demolition or quarries activities.

Fig. 8. Diamond wire inside flywheel.

Two reinforced concrete beams were designed to sustain and protect the sealing
device of the joint. The sealing of the joints is ensured by the following elements, listed
from dam body to upstream face (see Fig. 9):

– Expanded polyethylene foam put into the slot;
– Plastic sheet (TPE), glued on the dam body;
– Plastic sheet (EPDM), blocked between the beams by two structural steel channels,

bolted each other.

The sealing device was designed to be removable for future re-cutting.
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Fig. 9. The designed joint and the detail of the sealing device

3.2 Construction Works

The main works were carried out in summer 2010 and in summer 2011 by Notari S.p.A.
It was necessary a constant presence of personnel belonging to the ENEL Construction
Supervision Staff, in order to stand over the activities progress and development and to
take the most important decision. These building phases were supervised by the Dam
Safety Authority (Technical Office of Milan - Ministry of Infrastructure and Transports).

Site logistics
As the dam crest elevation is over 2000 m a.s.l., the working time was concentrated in
summer season, from June to October. Furthermore the access to the dam was difficult:
building materials had to be carried by means of helicopter, whereas workers reached
the site using a cable car and covering a 30 min mountain trail. Fortunately a close
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mountain hut could accommodate the workers. Sudden climate changes caused some‐
times small floods. Moreover, because of the dam area has great environmental value,
a lot of curious tourists interfered with works. All that put a strain on working, but safety
has always been ensured.

Crack grouting
In summer 2010 the crack grouting was carried out. A lot of preliminary activities were
implemented in order to prepare, clean and seal up the crack surface. The cleaning was
made by means of scarification and low-pressure washing. Crack and neighboring region
absorbed a mortar quantity three times more than expected. The average absorption of
the mortar with greater aggregates was 470 kg/m of crack.

All the injections were carried out by means of a screw feeder, with low pressure
(1–2 bar).

After completing the activities, 15 corings (ϕ80 mm) were carried out in order to
check the results and to verify if the crack had been filled. The evidence was positive,
as it is shown in Fig. 10:

– Mortar was found near the downstream face, filling the crack (3 cm wide).
– Binder was detected at 2.5 m deep, “connecting” free aggregates.

3

MORTAR

BINDER

Fig. 10. Evidence of mortar and binder found in one of the corings carried out after crack grouting.

Slot cuttings
The two slot cuttings required preliminary injections of binder in the area of cutting, in
order to reinforce the zone and to avoid breakage during cutting.

In summer 2011 each slot was carried out through the following activities:

– horizontal boring hole from upstream to downstream at the foot of the joint;
– installation and setup of the cutting equipments and machines (see Fig. 11);
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Fig. 11. The setup of cutting equipments and machines.

– cutting top-downwards for about 2/3 of the height;
– cutting downstream-upstream to completion.

The whole surface of 90 m2 was cut in about 20–25 h. The cut surface look extra‐
ordinarily smooth, as it can be seen in Fig. 12.

Fig. 12. The slot cutting from downstream face. On the left, the kerb of the crest; on the right,
the wire in the middle of the cutting.

Several unplanned stops and setbacks happened during cutting: sudden unexpected
tears occurred because of a not homogeneous wear of the wire spheres.
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Moreover when cutting changed over from top-downward running to down-
upstream, friction problems occurred, due to the excessive curvature of the wire. By
moving pulleys and flywheels and thanks to the workers’ ability, these problems were
solved.

Joint sealing device
Referring to the joint sealing device, as shown in Fig. 9, the concrete of the beams,
preliminarily tested, was made of the same self-compacting structural mortar used in
the crack grouting, adding silica aggregate size 6/10 mm (35%), water (15.5%) and a
special anti-shrinkage agent to avoid micro-cracking. During concrete casting, 6 test
samples per day were taken. Tests after 28 days (n°3) and 90 days (n°3) were carried
out: average cube strength for both beams was over 65 N/mm2.

One of the completed joints can be seen in Fig. 13.

Fig. 13. The new joints. On the right, the detail of the superficial part of the complex removable
sealing device.

3.3 Monitoring During Works

The monitoring system described above was temporarily integrated with:

– 15 digital extensometers LVDT, straddling the horizontal crack before the grouting
(measures from July 2010), in order to control its opening/closing movement.

– 16 digital extensometers LVDT, gradually installed during the cuttings, following
the passage of the wire and operating during the technical stops (measures from July
2011); 12 of them straddled each slot and the other 4 the existent vertical fissures, to
monitor their opening/closing movements.

In summer 2010 the crack extensometers didn’t show any significant movements during
grouting. Also in summer 2011 nothing special was recorded during cuttings.
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The installation of the 12 extensometers following cutting was difficult. Although
anchors were prearranged, the instruments should be carefully installed immediately
after the passage of the wire, to catch all the following movements. Indeed an elastic
instantaneous release was observed and the slot partially closed. The closing deforma‐
tion decreased from the highest part of the dam (see Fig. 14) to the lowest one.

Fig. 14. Provisional extensometer just below the crest on downstream face, installed following
the cutting.

As shown in Fig. 15, during the first right slot cutting (completed in about 4 days)
the elastic release could be estimated in 5.5 mm at most. Indeed the instantaneous closing
deformation of the slot followed exactly the cutting progress (the progress percentages
are shown at the left top of the Fig. 15).
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Fig. 15. Measures of the 6 digital extensometers straddling on the right slot.

4 Re-impounding and Dam Behaviour

Since April 2012, in agreement with the Commission for the Final Testing, the reservoir
has been re-impounded. In 2012 and 2013 the water level was kept on the normal oper‐
ating level for long time, in order to test the dam behavior after the rehabilitation with
the maximum load. In 2015 the Commission finally certified the goodness of the reha‐
bilitation of the dam.

4.1 Dam Monitoring

At the end of summer 2011, after new joints execution, 6 new definitive extensometers
(3 for each slot) were installed on the crest, to monitor the behavior of the joints in the
3 directions of relative movements.

As expected, there have been observed: the opening of joints in the cold season and
their closing in the warm season; the relative displacement towards upstream of the
central higher block in respect to the lateral ones; a substantial stability in the vertical
direction.

Looking at opening/closing displacements (Fig. 16), it is to point out that the seasonal
total range of variation is 9–10 mm.
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Fig. 16. The opening/closing displacements of the joints.

The summer cutting of the slots allowed, in spite of the instantaneous elastic release,
to “adsorb” the thermal movements of the joints, keeping the opening between 13–
16 mm in summer and 23–26 in winter.

After 5 years, the expected closing trend is confirmed, about 1–1.5 mm per year. If
it was to continue with this rate, it will be necessary a re-cutting in 20 years, as expected
by the project as well.

As far as the horizontal crack, the diagram of Fig. 17 shows its absolute stability and
closing. At present no trend can be observed.
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Fig. 17. Extensometers straddling the crack.

Since 2011, the measures of the inverted pendulum (see Fig. 18) have been showing
a marked change in the dam behavior, as well as the collimation (see Fig. 19).
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Fig. 18. The crest displacements (inverted pendulum).

Fig. 19. The crest displacements (collimation)

After the cutting of the dam into three independent blocks, the range of seasonal
displacements has been reduced by more than 5 times (from 15–17 mm before the reha‐
bilitation works to 3 mm after).

5 Conclusions

The Lago Colombo gravity dam, built in 1928, was affected by important cracking. The
main horizontal crack was related to swelling deformation, due to alkali-silica reaction
and tensile stresses not compatible with the building material strength in the involved
area. The progressive crack opening, made worse by the freeze-thaw cycles, increased
the rotation of the upper part of the dam.

A rehabilitation project was developed to restore the safety conditions and the struc‐
tural behavior of the dam as a gravity structure, reducing the arch effect. The project
consisted in the crack grouting and in the building of two new vertical joints by means
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of slot cuttings about 2 cm width. This width has shown itself right and proper, consid‐
ering the residual expansion potential and the elastic release observed. Specifically, after
5 years, the closing rate is in accordance with the project, that supposed a possible re-
cutting in 20 years, providing the two joints with a removal sealing device.

The rehabilitation works started in 2010 and completed in 2012. The works were
carried out successfully on time and within the design choices.

The dam behavior after rehabilitation confirms the fulfillment of the design targets.
The measures of the crest displacements no longer show the historical irreversible drift
towards upstream (Fig. 20).

Fig. 20. The Lago Colombo dam at normal operating water level (November 8th 2012). The
spillway can be seen on left side
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Spalling Sensitivity Test on Concrete
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Abstract. Concrete sensitivity to spalling in fire is still a critical issue, as no
reliable predictive model is currently available. Hence, so far, experimental
testing is the most effective means of investigation. This is the reason why an
experimental setup has been designed (and discussed in the RILEM TC 256 SPF)
by the authors, based on 800 × 800 mm concrete slabs installed in a steel frame,
aimed at applying a biaxial membrane compression. Load and slab thickness can
be adjusted in order to simulate the actual service conditions of concrete elements
such as tunnel lining segments. The loading system is placed on a horizontal
furnace powered by a propane burner fitted with an automatic control system,
allowing to follow the prescribed heating curve. This setup allows comparing
different concrete mixes as regards their sensitivity to spalling in realistic service
conditions and can be of considerable help in initial material testing for strategic
infrastructures such as tunnels.

Keywords: Concrete · Fire spalling · Test setup · Tunnels

1 Introduction

Explosive spalling in fire is the more or less violent detachment of concrete pieces from
the heat-exposed surface of R/C members. Such phenomenon can be particularly detri‐
mental to the fire resistance of R/C structures both in terms of structural behaviour and
repair cost.

As regards the former aspect, spalling progression can lead to a significant reduction
of the sectional geometry and to the possible direct exposure of the reinforcing bars to
the flames (so dramatically speeding up the mechanical decay of steel). This can be
relevant for columns, beams and slabs.

On the other hand, structural performance is seldom a big concern in structures like
tunnels, where, however, repair time and cost are critical issues. This is a key point,
since the costs connected to traffic disruption must also be considered. Hence, avoiding
spalling for this kind of structures is of primary importance. Such result can be achieved
with the choice of the right concrete mix in the design phase.

Spalling phenomenon is influenced by both material factors (moisture content,
porosity, tensile strength and fibre content) and structural factors (heating rate, external
loads and restraints), this making rather difficult predicting the spalling sensitivity of a
mix. Even though the exact mechanisms leading to spalling are still not completely clear,
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it is commonly agreed that two are the main actors: (a) stress induced by thermal gradi‐
ents and external loads and (b) pore pressure rise caused by water vaporization.

Thermal gradients induced by heating introduce compressive stress in the hot layers
and tensile stress in the inner core. The increase of compression next to the exposed face
favours the formation of cracks parallel to the isothermal surfaces with the consequent
decrease of the local mechanical stability. Concrete cracking is also fostered by kine‐
matic incompatibility between aggregate and cement paste, release of absorbed and
chemically bound water and cement dehydration (Yufang and Lianchong 2010).

Furthermore, the rise of pressure in concrete pores takes place, mainly due to the
vaporization process and to the dilation of liquid water (if saturation occurs). Moisture
migration induced by pressure gradients plays an important role, since water is pushed
towards both the hot face and the inner core. In the latter case, the build-up of liquid
water and the possible condensation of vapour (Khoury 2000) favour the formation of
a quasi-saturated layer.

When porosity is low, as the case of High-Performance Concrete (HPC), pores can
be completely filled by water (saturation), this leading to the so-called moisture clog. In
this region, material permeability is strongly reduced and pressure raise is fostered,
leading to values up to 5 MPa (Kalifa et al. 2000). This makes HPC generally more
prone to spalling than Normal-Strength Concrete – NSC (Khoury 2000; Kalifa et al.
2000).

The most effective way to reduce concrete spalling sensitivity is to add polypropy‐
lene fibre. Limited amounts of polypropylene fibre (1–2 kg/m3) are sufficient to dramat‐
ically reduce the probability of spalling, thanks to three main processes: (a) further
porosity because of fibre melting at 160–170 °C (Khoury 2008), additional micro‐
cracking in the cement paste due to (b) the thermal dilation of melting fibre (Khoury
2008) and (c) to the stress intensification in the cement paste embedding the fibre (Pistol
et al. 2012; Tsimbrovska et al. 1997).

The strong interconnection between stress and pore pressure makes necessary to
carry out investigation considering both aspects, in conditions close to those of service
life. In the literature, both numerical and experimental studies can be found.

In the last decades, numerical models have been developed aimed at simulating the
heat and mass transfer taking place in concrete when exposed to high temperature. This
involves the solution of a complex set of coupled differential equations. Several
approaches based on different simplifying assumptions have been proposed over the
past thirty years (Gawin et al. 2011). In these models, however, the mutual interaction
between pore pressure and the mechanical response of the material is a critical problem,
for which very few experimental evidences are so far available in the literature.

The main point is to define the hydrostatic tensile stress in the solid skeleton which
balances the pressure rising in the cement matrix (Lo Monte et al. 2014). Moreover, the
characterization of material properties (porosity, permeability) as a function of the
temperature is very difficult and not yet completely reliable.

On the other hand, experimental investigation can be performed. For instance, in
Mindeguia et al. (2010) pressure was monitored investigating its development in plain
and/or fibre concretes, though no external load was considered.
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On the other hand, Sjöström et al. (2012) studied concrete sensitivity to spalling in
heat-exposed slabs subjected to compressive membrane load applied by means of post-
tensioning. This method has the drawback of making difficult the application of a
constant load, since the thermal strain affects both the slab and the tendons.

In this paper, the experimental setup developed at the Politecnico di Milano to
investigate spalling sensitivity of concrete is discussed. The research project was
supported by CTG-Italcementi Group (Bergamo, Italy) and Fondazione Lombardi
Ingegneria (Minusio, Switzerland).

Since no standardized test for the assessment of spalling sensitivity has been defined
yet, the experimental setup has been designed by the authors (Lo Monte et al. 2015),
and is being considered by RILEM TC 256 SPF (Spalling of concrete due to fire: testing
and modelling) as a basis for developing a common reference benchmark.

2 Test Setup

The test is based on 800 × 800 mm concrete slabs installed in a steel frame, aimed at
applying a biaxial compressive membrane load up to 1000 kN per axis. Compression is
induced by 8 hydraulic jacks (2 per side) and can be kept constant or varied during
heating (Fig. 1).

Load and slab thickness (generally between 100 and 200 mm) can be adjusted in
order to simulate the actual service conditions of concrete elements such as tunnel lining
segments.

The whole loading system is placed on a horizontal furnace powered by a propane
gas blow torch fitted with an automatic valve control system, allowing to follow the
prescribed heating curve (generally ISO 834).

It is worth noting that the external concrete perimeter in contact with the hydraulic
jacks should remain colder to preserve the loading apparatus. Thus, the slab is heated
only on its central part of dimensions 600 × 600 mm. The confining effect provided by
the surrounding cold rim is limited by 16 radial cuts whose objective is interrupting its
mechanical continuity (Fig. 1a).

In Fig. 2 some details of the load application system are shown. The hydraulic jacks
are rigidly mounted to the external restraining frame, made of welded flat steel bars. The
thrust is exerted via spherical heads and thick steel plates working as load dividers. The
spherical heads also allow to follow the rotation of the slab edges induced by thermal
curvature.
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(a)

■ 6 measurements of pressure and tempera-
ture in the thickness

● 6 LVDTs measuring the vertical displace-
ments at the extrados

● 3 fixed points of the LVDT-holding frame

(b) (c)

Fig. 1. (a) Concrete slab and measurement points; (b) concrete slab within the loading system
(steel frame + hydraulic jacks) positioned on the horizontal furnace; and (c) picture of the
instrumented slab, ready for testing.

Fig. 2. Application of the load.

In Fig. 2, the dashed lines represent the centroidal axes of the elements forming the
restraining frame. The geometry was studied in order to minimize the eccentricity of the
applied loads, this allowing to minimize the sectional size of the members, since they
are mainly subjected to tension.
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During casting, pressure sensors and thermocouples can be embedded at different
depths (Fig. 1a). Thermal and pressure profiles in the slab during heating can give useful
information, since the thermal stress is connected to temperature distribution, while pore
pressure highlights the ability of polymeric fibre in creating a further connected porosity
promoting pressure release. During the test, the flexural behaviour can be monitored by
using displacement transducers in order to evaluate the overall effects of thermal curva‐
ture and mechanical damage. At the end of the test, laser scanning allows to determine
the spalling profile.

The support provided by this setup in comparing different concrete mixes as regards
their sensitivity to spalling is shown in the next section. The results reported and the
following discussion aim at highlighting the useful information that can be provided in
initial material testing for strategic infrastructures like tunnels.

3 Results and Discussion

3.1 General Considerations

So far, more than 30 tests have been carried out on different concretes, with compressive
strength ranging from 40 to 125 MPa. Generally speaking, experimental campaigns were
planned focusing on two main variables, namely concrete mixes and sustained
membrane load. Slab thickness (100 mm) and fire curve (ISO 834) were the same for
all tests. In Fig. 3 the typical spalling profile at the heated face of the slab after testing
is shown through the laser scanner profilometry.

Fig. 3. Laser scanner profilometry of the heated face of the slab after testing.

The two main orthogonal cracks that can be observed in the picture occurred at the
end of the test when the bending bearing capacity of the slab was reached. As better
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described in the following, the rise of the stiffness centroid during heating due to the
mechanical damage in the hot layer translates into an eccentricity of external loads and
then a hogging bending moment. For high external compression and severe spalling,
failure may occur. The slab in Fig. 3 was subjected to 10 MPa and the maximum spalling
depth exceeded half of its thickness.

The picture highlights how the presence of the cold rim originates two regions in the
spalling profile. There is a transition zone in which the spalling depth goes from zero
(in the cold rim) to values close to the maximum (central part of the slab). This region
has a width close to two times the spalling depth. Afterwards there is a region in which
the spalling depth is rather homogeneous, since the effect of the cold rim becomes
negligible. For the deepest spalling observed the uniform region is almost square with
a minimum side of about 400 mm.

The regularity of the spalled surface is a very interesting feature, because it can be
inferred that, in substantially uniform heating and loading conditions, the size of spalled
splinters is mainly governed by the gradients of stress and pore pressure along the depth.
Such consideration is of primary importance, since it allows to consider spalling depth
as the main parameter in comparing different concrete mixes in terms of sensitivity to
the phenomenon.

In the following a few considerations will be made on the role played by load and
concrete mix.

3.2 Load Effect

The membrane load applied during fire exposure has a two-fold effect: (1) increase of
compression in the hot layer, this reducing its mechanical stability, and (2) decrease of
tensile stress (and cracking) in the core, this increasing the likelihood of saturation and
fostering higher pore pressure. A simplified scheme of thermal stress and cracking
pattern is shown in Fig. 4.

Fig. 4. Thermal stresses in the thickness: compression in the hot layer and tension in the core.
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In general, both effects lead to an increase of spalling risk and severity, inducing
higher spalled depths and volumes (Figs. 5 and 6). However, to what extent this occurs
strongly depends on the variation of the material properties (porosity, permeability,
elastic modulus) with temperature. Hence, different concrete mixes can exhibit rather
far behaviours.
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Fig. 5. (a) average spalling depth measured after heating for three different concrete mixes; (b,
c, d) stress profiles for different fire durations during heating for three values of external
compressive stress, namely 0, 5 and 10 MPa, respectively.

0 MPa 0.5 MPa 5 MPa

Fig. 6. Heated face of NSC slabs after testing for external compressive stress of 0, 0.5 and 5 MPa.

In Fig. 5a the average spalling depth is shown as a function of the applied external
compressive stress, for three different concrete mixes. Each symbol in the plot represents
an experimental test under constant load during heating.
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After the test, the average spalling depth in the uniform square region was measured.
It is worth noting that the results can be compared only if they pertain to the same fire
duration. In the present examples the fire duration was set as 30 min, but in two cases
collapse occurred at a slightly shorter time (about 25 min).

Based on non-linear numerical analyses, the stress profiles along the slab depth are
outlined in Fig. 5b–d for different fire duration and applied external compression. As
clearly shown, cracking may occur in the core of unloaded slabs due to the tensile stress
induced by thermal strain. This leads to a local increase of permeability that favours
vapour migration and may prevent moisture clog. For higher values of compression (5
or 10 MPa) tensile strength is never achieved, and cracking is prevented.

Such region is separated from the hot face by a compressed layer, where permeability
under transversal load and inherent damage due to strain incompatibility between aggre‐
gate and cementitious matrix govern the development of vapour pressure and micro-
cracks. Here the influence of compressive stress is expected to be more pronounced in
coarse grained low grade concrete than in inherently homogeneous low-porosity
concrete.

Generally speaking, in the plot of average spalling depth versus external compres‐
sion, two regions can be highlighted: (1) low compression range, where increasing
external load leads to higher values of compression in the hot layer and to a reduction
of cracking in the core, both effects increasing the severity of spalling; (2) high compres‐
sion range, where increasing the external load leads only to higher values of compression
in the hot layer, with no cracking in the core.

In region (1) spalling depth rate at increasing load is expected to be higher than in
region (2). UHPC (aggregate size = 3 mm, including 20 kg/m3 of crimped steel fibre
0.30 × 18 mm) is less liable to cracking both at macro- and meso-scale and the rate
difference between regions (1) and (2) is not evident.

Load plays a key role also on the thermal curvature of the slab. In Fig. 7 the vertical
displacement at midspan is shown for four nominally identical concrete slabs (NSC, fc
= 40 MPa, no fibre), under different values of biaxial membrane load (0, 0.5, 5 and
10 MPa). When no – or very low – load is applied, the slab sags towards the flames due
to the thermal dilation of the hot layers. If a substantial external load is applied, when
the decay of stiffness in the hot layers becomes significant, the rise of the stiffness centre
produces a negative eccentricity and then a hogging bending moment. Hence, the
displacement trend is reversed. Such effect is even more pronounced if spalling occurs.

Since the kinematic behaviour is strictly connected to the bending stiffness, which
in turns depends on elastic modulus decay with temperature, monitoring the vertical
displacement gives meaningful information about the heat-induced damage.

3.3 Role of Fibre Type

This kind of test proved also to be very effective in highlighting the beneficial effect of
polymeric fibre.

In one of the experimental campaigns, different concrete mixes were tested (fc ≈
60 MPa), sharing the same type of cement, aggregate and very similar water to cement
ratios, with the only difference in the presence of fibre.
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In particular 3 mixes were studied: plain concrete, and concrete with polypropylene
or steel fibre.

The results showed that polypropylene fibre is very effective in limiting or avoiding
spalling, while the effect of steel fibre is more difficult to predict (Fig. 8). In the exper‐
imental tests, plain concrete and steel fibre reinforced concrete (40 kg/m3 of 0.55 ×
35 mm hooked end fibre) underwent very similar amount of spalling, while the addition
of 2 kg/m3 of polypropylene fibre (L = 12 mm; Øeq = 20–48 μm) was sufficient to prevent
this phenomenon. As already discussed in the introduction, the reason behind the bene‐
ficial effect brought in by the polypropylene fibre is not fully understood, but it is gener‐
ally accepted that it is mainly due to the additional interconnected porosity.

plain concrete steel fibre-reinforced concrete polypropylene fibre concrete

Fig. 8. Heated face of HPC slabs after testing for external compressive stress of 10 MPa.

As regards steel fibre, a possible beneficial effect is the more stable fracture behav‐
iour, though this may foster higher values of pore pressure, due the more limited vapour
flow through the cracks.

In these cases, a deeper insight into the possible beneficial effect of any kind of fibre
can be gained if pore pressure is monitored. This is the reason why, pressure sensors
(fitted with thermocouples, Fig. 1a) are embedded in concrete during casting. Such
sensors can be placed at different concrete depths in order to outline the temperature and
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pressure profiles through the slab thickness. In the test setup at issue, up to six sensors
can be installed.

The results in terms of pressure versus time at the six investigated depths and the
pressure profiles for different fire durations are shown in Fig. 9 for three different slabs:
plain concrete, polypropylene and steel fibre reinforced concretes.
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Fig. 9. (a, c, e) pore pressure development at six different depths and (b, d, f) pressure profiles
for different fire durations in HPC slabs.

Two plain and two steel fibre reinforced concrete slabs were tested. Spalling was
observed in both slabs for plain concrete, while only in one slab for steel fibre reinforced
concrete. Spalling occurred after 19 and 34 min for plain concrete and after 35 min in
steel fibre reinforced concrete. The final spalling depth was very similar for the three
specimens (about 45–50 mm, involving all the heated area).

Polypropylene fibre, on the other hand, proved to be very effective in reducing pore
pressure, this being sufficient to avoid spalling in the case at issue.
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An explanation can be given by looking at the pressure profiles shown in Fig. 9b, d,
f at different time steps for the whole fire duration. In the first 10 min the different slabs
showed very similar pressure profiles, since polypropylene fibres were not melted yet.
Just before spalling occurred, pressure in plain and steel fibre reinforced concrete slabs
was significantly higher with pressure profiles characterized by sharp gradients. In the
tests herein presented, after 25 min pore pressure in steel fibre reinforced slab grows
faster compared to plain concrete. Though no strong conclusion may be drawn from a
single test, this first indication shows that the benefits of steel fibre in terms of enhanced
mechanical properties may be offset by the higher pore pressure developed during fire
exposure.

4 Conclusions

The present paper introduces the test setup developed by the authors aimed at studying
the sensitivity to explosive spalling of different concretes in fire.

So far experimental investigations are recognized as the most reliable way for
assessing the spalling sensitivity of concrete, but no standardized test has been defined
yet. Within this context, the authors are active in the RILEM 256 SPF Technical
Committee (Spalling of concrete due to fire: testing and modelling), with the scope of
developing a standardized reference benchmark.

Different experimental campaigns have been carried out, with two main objectives:
(a) comparing different concrete mixes as regards their sensitivity to spalling, and (b)
assessing spalling severity for a given concrete mix as a function of the external load.

The test proved to be very effective in highlighting differences among concrete
mixes, thanks to the possibility of controlling the main parameters such as the fire curve
and the external load.

A remarkable sensitivity also to little levels of the membrane compression was
observed in Normal-Strength Concrete. The test is also aimed at studying the spalling
behaviour of a given concrete mix in service load conditions, this being possible once
slab thickness and external load are properly designed.

The most relevant outcome in this experimental procedure is obviously spalling
depth. In comparing the beneficial effects of fibres, however, monitoring pore pressure
can be important, since it directly shows their effectiveness in reducing vapour pressure
in the pores.

Further screening tests on different concrete mixes are in progress in cooperation
with concrete manufacturers involved in tunnel lining construction.
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Abstract. Mean annual financial losses due to seismic events in Italy are about
2–3 billion euro. For this reason, in recent years increasing attention has been
placed on strategies to reduce the seismic risk of the national building stock. In
this work, a comparative seismic loss analysis of an infilled R/C building is
performed using the FEMA P-58 probabilistic framework and the tool PACT.
The objective is to evaluate how the structural modeling and the characterization
of structural and nonstructural elements fragility can affect the loss estimation.
Fragility and consequence functions for discrete damage states are assumed for
structural and non-structural components. A case study prototype typical of
Italian pre-1970 R/C infilled buildings is chosen. Nonlinear Incremental
Dynamic Analyses (IDA) are performed for three 2D modeling configurations.
Financial losses are expressed as median values of repair costs at different
hazard levels or in terms of Expected Annual Loss (EAL).

Keywords: Loss analysis � FEMA P-58 � Infilled R/C structures
Shear failure � Fragility functions

1 Introduction

Increasing the seismic safety of the national building stock and managing the risk
reducing the monetary impact of earthquakes is an issue more and more ad-dressed in
modern building codes, guidelines for mitigation policies and international cooperation
(Dolce 2012; Braga et al. 2014; Braga et al. 2015; Faggella et al. 2016; Rossi et al.
2016; Faggella et al. 2012).

In order to design effective interventionmeasures it is important to accurately identify
the probable building collapsemechanisms. Several studies investigated the possible local
failure mechanisms in R/C buildings. Among these, Braga et al. (2009) focused on the
column flexural failure and shear failure of external joints in older non-ductile structures,
designed for gravity loads only. Other research works done by Sezen (2004) and then
Elwood andMoehle (2003) focused on shear column failure in bare frames. Another very
important issue is frame-infill interaction: observations after seismic events and experi-
mental analyses demonstrated that the frame failure could anticipate adjacent infill failure,
usually at the end of columns or beams (Crisafulli 1997).
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2 FEMA P-58 Methodology

The next-generation seismic PBD guidelines employ a probabilistic framework to
characterize the building performance. The objective is not only the life safety, but also
to evaluate more immediate and useful variables relevant for the decision-making
pro-cess. Indeed performance is expressed in terms of median and dispersions values of
casualties, repair costs and repair time. Incremental Dynamic Analyses (IDA) are
generally used in this approach.

The FEMA P-58 PBEE process (Moehle and Deierlein 2004, FEMA 2012a, b),
illustrated in Fig. 1, can be broken down into logical elements that can be studied and
resolved in a rigorous and consistent manner. The performance is estimated as a
function of the damage level sustained by the individual building components. Finally
the DVs obtained enter into risk management decisions. The en-tire process can be
expressed in terms of a triple integral that is an application of the total probability
theorem, which is numerically resolved through the PACT tool:

vDðVÞ ¼
ZZZ

P DV jDM½ �dP DMjEDP½ �dP EDPjIM½ �dk IM½ � ð1Þ

3 Case Study

The PBEE framework has been applied to a three-story non-ductile R/C prototype
building, typical of the Italian building stock. The basic building dimensions are 10 m
(X-direction) by 8 m (Y-direction). Unreinforced masonry infills without openings are
present in the X-direction external facades.

Fig. 1. FEMA P-58 methodology scheme (Goulet et al. 2007)
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This prototype building has been used in the past for several experimental studies
(Braga et al. 2009) and numerical studies (Valleriani 2011; Sellitto 2013; Mohammad
et al. 2014a, b; Mohammad et al. 2016) to investigate the impact of different models
and sources on nonlinearity on the structural response, as well as plan configurations
(Faggella et al. 2015a, b) and theoretical regularity assumptions (Faggella 2013;
Faggella 2014a, b, c, d). The structure is located in Reggio Calabria, a site represen-
tative of the high seismic hazard in Italy (site class A). This structure is representative
of structures designed for vertical loads only.

3.1 Numerical Models

Comparative seismic risk analyses are carried out on three 2D structural configurations,
developed using OpenSees. All nonlinear beam and column elements in the model are
force-based fiber section elements, with different model parameters assigned to
unconfined and confined concrete. Infill panels are modelled by strut elements, whose
backbone curve is determined according to FEMA 356/ASCE41-06 pro-visions
(FEMA 2000).

The 2Dcomputationalmodels are aBare Frame (BF), aUniformly Infilled Framewith
concentric in-fill strut elements (UIF) and anUniformly Infilled Framewith shear columns
and eccentric infill struts (UIF-s). To capture the local nonlinear shear behaviour of frame

(b)

(a)

Fig. 2. (a) Case study prototype building; (b) modeling details of infill-frame interaction:
nonlinear shear law in nodal short columns (Mohammad et al. 2016)
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members, the shear law proposed by Marini and Spacone (2006) is imposed to short
column elements next to the nodal regions (Fig. 2b). The three configurations are rep-
resented in Fig. 3. The fundamental periods of the three configurations are represented in
Table 1.

4 Incremental Dynamic Analyses (IDA)

Incremental Dynamic Analyses (Vamvatsikos and Cornell 2002) are performed to
characterize the structural behaviour resulting from structural and nonstructural ele-
ments, obtaining EDP distributions at different hazard levels. Eleven ground motions
records are extracted from the European strong motion database and scaled to

Fig. 3. 2D computational models: (a) Bare Frame, BF; (b) Uniformly Infilled Frame, UIF;
(c) Uniformly Infilled Frame with shear columns, UIF-s (Mohammad et al. 2016)

Table 1. Fundamental periods of 2D models, after application of vertical loads.

Model T1 [s]

Bare Frame (BF) 0.590
Uniformly Infilled Frame (UIF) 0.202
Uniformly Infilled Frame- shear column (UIF-s) 0.253
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Fig. 4. IDA curves, with 16%, 50% (solid thick line), and 84% fractiles for lognormal drift
distribution: (a) Bare Frames; (b) Uniformly Infilled Frames; (c) Uniformly infilled Frames with
shear column
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IM ¼ Sa T1ð Þ at 13 hazard levels using different scale factors for each GM and for each
hazard level. The analyses were then repeated by scaling the GMs to IM = PGA. The
NEEShub cloud-computing platform is used to perform the large number of analyses in
parallel (https://nees.org/). The analyses are performed comparing the response
obtained in the different modelling configurations. Results highlight the impact of
infills contribution and nonlinear shear strength (in the eccentric strut arrangement) on
the building behavior, as apparent in Fig. 4.

It is worth noting that analysis results with GMs scaled to IM = PGA are not
represented in this paper: max IDR median values and dispersions are essentially lower
than in the case of IM ¼ Sa T1ð Þ (Faggella et al. 2013).

5 Loss Analysis

Structural analysis results are used as input parameters in the damage/loss analysis. The
comparative loss analysis is performed to evaluate the importance of the structural
modeling and of fragility/consequence functions selection in the building performance
estimate. This was done implementing different performance models in the calculation
tool PACT, provided by FEMA P-58. It is also necessary to define a Total Replacement
Cost (TRC) value in case of building collapse or irreparability. Fragility functions are
used in a probabilistic way to correlate EDP to structural and nonstructural element
damage; consequence functions are used to associate a probabilistic loss distribution to
different element damage states.

5.1 Fragility and Consequence Functions Assembly

In this work, fragility and consequence functions are not selected from the current
PACT database. This is due to the difference between Italian and American con-
struction types, especially in frame-infill interaction or the lack of masonry infill
characterization in the FEMA P-58 methodology, and differences in the element repair
cost libraries. Therefore, median EDP values for the probabilistic curves were derived
assembling results from research works in literature and other code references. Nev-
ertheless, the dispersions values used remain those provided by the tool PACT.

The column fragility functions deduced by literature research are represented in
Fig. 5: for BF and UIF models, the ductile behavior allows defining three sequential
damage states in a wide range of drift; for the UIF-s, only two damage states in a
limited range reflect the brittle shear failure due to frame-infill interaction. Conse-
quence functions are then developed considering all the necessary repair activities that
would be required to restore each component to its pre-earthquake undamaged con-
dition. A bill of quantities is made using the price list ‘Elenco Regionale dei Prezzi
delle Opere Pubbliche della (Regione Emilia-Romagna 2012)’.

5.2 Loss Analysis Results

Two types of assessments were performed: an intensity-based and a time-based
assessment. Intensity-based assessment provides repair costs for each performance
model at five hazard levels (63%, 50%, 10%, 5% and 2% in 50 years). In the
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time-based assessment, the DV values are weighted according to the probability of
occurrence for each hazard level and then integrated to determine a total life-cycle
performance, expressed as Expected Annualized Loss (EAL).

Time-based assessment is performed at 13 intensity levels accounting for the
complete site seismic hazard. Figure 6 represents the loss hazard curves of the three
models plotting the Repair costs (% of TRC) against the MAFE k. They are obtained
using an approach provided directly by the tool PACT, ac-counting for logarithmic
dispersions b. The tool solves numerically the triple integral in Eq. (2). The areas
underlying the loss hazard curves represent the EAL (Eq. 3).

vDðVÞ ¼
ZZZ

P DV jDM½ �dP DMjEDP½ �dP EDPjIM½ �dk IM½ � ð2Þ

EAL ¼
Z

E DV jkðDVÞ½ �dkðDVÞ ð3Þ

Note that the BF model damage is gradual and hence this is reflected also in the loss
progression. In the UIF configuration the presence of concentric in-fill strut underes-
timate building response in terms of damage and repair costs. For the UIF-s model, the
transition from an undamaged to a collapse condition is fast, confirming the occurrence
of a brittle collapse mechanism.

Fig. 5. Fragility functions for the column damage states (DS)
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Table 2 shows that the highest EAL value is en-countered for the BF model,
despite collapse occurs for very rare seismic events, with TR = 4000 years
(k = 0.02%). This is due to the greater EAL contribution from nonstructural damage in
more frequent seismic event (lower seismic intensities). This high nonstructural dam-
age in BF performance models is because infill panels are neglected in the computa-
tional model, whereas they are incorporated in the BF performance models.

6 Conclusions

In this paper, the probabilistic framework of FEMAP-58 is applied to an olderR/C infilled
building typical of the Italian stock, to compare the life-cycle seismic performance of
different performance models. Structural analysis results are expressed in terms of IDA
curves; performance is expressed in terms of EAL (time-based assessment).

Fig. 6. Time-based assessment: loss hazard curves comparison between (a) the simplified
method and (b) tool PACT

Table 2. Expected Annual Loss (EAL) from tool PACT, accounting for dispersions.

Model EAL (% of TRC)

[BF] 0.45%
[UIF] 0.14%
[UIF-s] 0.25%
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Results highlight the importance of using a suitable computational model in pre-
dicting the building performance: concentric infill strut modeling can underestimate the
overall damage state and then the economic loss value, whereas Bare Frame perfor-
mance models can overestimate it at lower seismic intensities.

Intensity Measure selection is also important: using the PGA instead of spectral
acceleration at the fundamental building period, Sa (T1), the repair costs are reduced at
higher hazard levels for the BF and UIF models, contrary to the UIF-s model for which
there is no reduction. The results of time-based assessment show the importance of
dispersions in EAL estimate: a probabilistic complete life-cycle analysis should be
always preferred.
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Abstract. This study deals with the assessment of the shear strength charac-
teristic value (Vrck) limited by the concrete strut crushing for existing reinforced
concrete (RC) beams on the base of the available material data. A procedure to
determine Vrck is presented and applied to two existing RC beams extracted from
an old structure built in the early 1900s. This procedure requires: (i) an ana-
lytical or numerical model for the beam shear strength, (ii) mean and standard
deviation values for each uncertain basic variable and (iii) a proper formulation
for the tolerance factor depending on amount of data, assumed fractile and given
confidence level. The shear strength model adopted in this study is the one
proposed by the Italian Code NTC 2008 for beams with transversal steel rein-
forcement. Several non-destructive tests (namely, rebound and sonic tests) and
destructive tests on concrete were performed, and the experimental outcomes
showed a great variability of the compressive strength along the same beam, as
usual for many old concretes. For that reason, Vrck values for each beam were
calculated assuming different knowledge levels about the concrete compressive
strength. Each level of knowledge is defined taking into account a different
combination of available data about the compressive strength carried out from
destructive tests. A comparison among the Vrck values obtained for each
knowledge level is shown to draw useful considerations about the beam shear
strength assessment based on materials test data.

Keywords: Existing RC structures � Characteristic value � Capacity assessment

1 Introduction

Capacity assessment of an existing reinforced concrete (RC) structure is a key point for
the evaluation of proper repair and/or retrofitting interventions (Albanesi et al. 2008,
2009; Lavorato et al. 2010a, b, 2011, 2015a, b; 2017; Marano et al. 2017) after seismic
damage (Fiorentino et al. 2017a). Uncertainty about building materials characteristics has
effects on the evaluation of the seismic response of structure (Fiorentino et al. 2017b).

Within this framework, this paper presents a procedure that aims at estimating the
capacity of structural elements or systems on statistical basis, providing mean and
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standard deviation values for its probabilistic distribution with minimum computational
effort. This procedure starts from a structural capacity model, which is function of some
random variables (related to geometry, materials, reinforcing steel configuration, etc.).
The capacity model can be obtained by means of analytical approaches (see for
instance Trentadue et al. 2014, 2016) or numerical methods (see for instance Scodeggio
et al. 2016 or Quaranta et al. 2012). The procedure provides mean and standard
deviation of the structural capacity once the first two statistical moments of each
uncertain basic random variable are estimated from experimental tests. The charac-
teristic value of the structural capacity is then obtained using the estimated mean and
standard deviation, and assuming a suitable probability distribution (e.g., the Log-
normal distribution). This task also involves a proper formulation for the tolerance
factor, which depends on the amount of data as well as on the assumed fractile and
confidence level. The proposed procedure is applied to a real case–study.

(Imperatore et al. 2012a, b, 2013) in order to compute the shear strength limited by
the concrete strut crushing of two RC beams (T1 and T2) extracted from an old
structure built in the early 1900s. The shear strength model selected in this study is the
one proposed in NTC 2008 for beams with transversal steel reinforcement. In doing so,
it is assumed that the concrete compressive strength is the only random variable. Beam
geometry and steel reinforcement configurations are known with sufficient accuracy,
and thus they are assumed as deterministic data. A large number of non-destructive
tests (namely, rebound and sonic tests) and destructive tests was performed to deter-
mine the concrete compressive strength. The experimental results showed a great
variability of the compressive strength along the same beam, as it is the case for many
old concretes. The variability of the concrete strength is different for the two tested
structural members, even if they were near each other in the structure at the same floor
level. Mean (Vrc;mean) and characteristic (Vrck) value of the shear strength limited by the
concrete strut crushing are calculated assuming different knowledge levels about the
concrete compressive strength. Each level of knowledge is defined by the available
experimental test results. Different working hypotheses (WHPs) are formulated, i.e.
WHPs that consider a different number of available concrete specimens (2, 3, 5, 8) and
WHPs that consider the same number of samples with concrete specimens extracted
from different points along the beams. Preliminary considerations about the variation of
Vrc;mean and Vrck calculated for the two beams and assuming different levels of
knowledge (WHP) are given at the end of the paper.

2 Procedure to Evaluate the Characteristic Value
of a Capacity Indicator

Let C be a performance indicator through which an existing structure is assessed:

C ¼ G Xð Þ ð1Þ

where G(X) is an analytical or numerical capacity model whereas X ¼ X1; ::Xi;Xn½ � is
the vector of the random basic variables (i.e., related to geometry, materials, etc.). The
proposed methodology requires that si ¼ @G Xið Þ=@Xi exists and is continuous for each
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basic variable. Without loss of generality, it is assumed that the basic variables Xi for
i ¼ 1; . . .; n are independent each other. Each basic variable Xi is described by the
sample mean lXi and the sample variance r2Xi. The mean value of the capacity indicator
C is given by Eq. (2):

lC ¼ G lXð Þ ð2Þ

whereas the approximated variance of C is obtained from Eq. (3), in which the
well-known Taylor expansion-based estimate for the variance is used.

r2C ¼
Xn

i¼1

@GðXÞ
@Xi

jlX
� �2

r2Xi
ð3Þ

The characteristic value of the capacity indicator Ck is given by Eq. (4) assuming a
Lognormal distribution (which is a reliable assumption for a strength variable of a RC
structure):

Ck ¼ lCe
�k

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
lnð1þ rC

lC

� �2
r

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
ð1þ rC

lC

� �2
r ð4Þ

where lC and rC are given from Eqs. (2) and (3), respectively. The tolerance factor
ka;p;m related to a given fractile p and an assigned confidence level 100(1−a)% with m
degrees of freedom is (Monti and Petrone 2016):

ka;p;v ¼ zp
A
4v� 2
4v� 1

þ za

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1
v
þ 1

2v
zp
A

� �2
r

ð5Þ

A ¼ 1� 1
2v

ð1þ z2aÞ ð6Þ

where zp ¼ U�1 pð Þ; za ¼ �U�1 að Þ, and U�1ðÞ is the inverse cumulative standardized
Normal function. Moreover, v ¼ N � 1 (where N is the number of samples).

3 Beams Geometries and Materials

Two RC beams (Fig. 1) were extracted from an old structure in Rome dating back to
1900s. These beams had very similar geometries and steel reinforcements (see Fig. 2
and Table 1). They were probably built using the same materials (casted concrete and
steel rebars) since they were placed near each other at the same floor level. However,
concrete compressive strength and steel yielding stress obtained from destructive tests
on concrete specimens (cores) and steel specimens (rebar samples) exhibited a large
variability, as shown in Tables 2 and 3.
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Fig. 1. Extracted beams T1 and T2 from existing RC buildings (1900s)

S1  SM S2 
Beam T1

S1     SM S2 
Beam T2

Fig. 2. Extracted beams T1 e T2: concrete geometries and steel reinforcement configurations for
sections S1, SM and S2 (Fig. 3)

Table 1. RC beams T1 e T2: concrete geometries and steel reinforcement configurations

Beam T1 Beam T2

Length 343 cm 389 cm
Midspan height 74.3 cm 75.0 cm
Terminal height 83/85.6 cm 83/85 cm
Upper reinforcement 4U6 2U10
Bottom reinforcement 2U10 2U10
Midspan reinforcement 5U10 6U10
Traversal reinforcement 16U6 15U6
Spacing of stirrup 15/30 cm 15/32 cm
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4 Capacity Model

The selected capacity model for the shear strength is the one proposed within NTC
2008 (Italian Construction Technical Code) for beams with transversal steel rein-
forcement (see Eq. 7a, 7b, 7c):

VRd ¼ min VRsd ; VRcdð Þ ð7aÞ

VRsd ¼ 0; 9 � d � Asw

s
� fyd � ctgaþ ctghð Þ � sin a ð7bÞ

VRsd ¼ 0; 9 � d � bw � ac � f 0cd � ctgaþ ctghð Þ= 1þ ctg2h
� � ð7cÞ

where VRsd is the shear strength limited by the stirrups contribution and VRcd is the
shear strength limited by the crushing of the concrete strut while fyd, Asw and s are steel

Table 2. RC beam T1: concrete compressive strength (fc) and steel stirrups yielding stress (fy)
by destructive tests

Beam T1
fc [MPa] fy [MPa]

Point ST7 16.25 RT1-1* 384.55
Point ST8 9.77 RT1-2* 393.54
Point ST10 16.51 RT1-3* 439.33
Point ST11 20.53
Point ST11-inf-1 13.94
Point ST11-inf-2 7.68
Point ST14 16.02
Point ST16 16.93

* Note: positions of steel rebars are not
known

Table 3. RC beam T2: concrete compressive strength (fc) and steel stirrups yielding stress (fy)
by destructive tests

Beam T2
fc [MPa] fy [MPa]

Point ST2 10.72 RT2-1* 344.36
Point ST3 10.73 RT2-2* 636.51
Point ST8 10.08 RT2-3* 322.77
Point ST10 12.27 RT2-4* 304.93
Point ST11 10.65 RT2-5* 313.44
Point ST13 8.86
Point ST22 12.91

* Note: positions of steel rebars are not
known
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yielding stress, cross section area of shear reinforcement and spacing of the stirrups,
respectively. Moreover, d and bw are effective depth and width of the beam transversal
section, acfcd is the reduced concrete compressive strength, a is the angle between the
shear steel reinforcement and the beam axis whereas h is the angle of the concrete strut.
In this paper, the shear strength limited by the concrete strut crushing is calculated
assuming that the concrete compressive strength is the only random variable. This
assumption is basically motivated by the fact that the uncertainty affecting the com-
pressive strength of the concrete is much larger than the randomness of the other basic
variables of the capacity models.

5 Knowledge Levels About the Beam Materials

The strengths of the materials were obtained by destructive tests on concrete and steel
specimens. The concrete specimens are cores extracted from the beams. It is important
to underline that the extraction of concrete cores produces effects on the beam that have
to be considered carefully. Furthermore, it is usually difficult to extract a concrete core
from a loaded beam of an existing structure. In fact, the extraction points should be
placed in concrete tension zones where the concrete contribution is not relevant, and
this operation has not to damage the steel reinforcement during the core extraction. For
that reason, the number of the available concrete cores from the same beam is usually
rather limited (one or two concrete cores are typically extracted).

The beams T1 and T2 considered in this study were already tested to evaluate their
shear strength during a previous research campaign (Imperatore et al. 2012a, b, 2013).
Therefore, it was possible to extract eight and seven concrete cores from T1 and T2
beams, respectively. The core extraction was performed in that zones where the con-
crete resulted undamaged after the tests and far from the reinforcing bars (extraction
positions among the stirrups and the longitudinal rebars). It is important to highlight
that the extraction of this large number of cores from the same loaded beam in existing
structures is unrealistic. However, using a large number of concrete specimens is
interesting to evaluate how quality and amount of experimental data – together with
their spatial variability – influence the estimation of the structural capacity.

Table 4. Work hypotheses (WHP) for beam T1: number of concrete cores for each WHP and
core label for obtaining the core position along the beam (Fig. 3)

Beam T1

WHP1 All the available concrete core (8 cores)
WPH2 [ST7] – [ST11inf-1] – [ST11inf-2] – [ST14] – [ST16]
WPH3a [ST7] – [ST14] – [ST16]
WPH3b [ST7] – [ST11inf-1] – [ST16]
WPH3c [ST7] – [ST11inf-1] – [ST11inf-2]
WPH4a [ST7] – [ST16]
WPH4b [ST7] – [ST11inf-1]
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The WHPs for the beam T1 and T2 are presented in Tables 4 and 5, respectively. In
these tables, the number of concrete cores for each WHP and their labels are listed. The
concrete core label permits the identification of the concrete core extraction point
position in Fig. 3.

The WHP1 considers eight cores for beam T1 and seven cores for beam T2; i.e., all
the available cores for each beam. The WHP2 considers the compression strength of
five concrete cores for each beam. The WHPs labeled as WHP3a, WHP3b and WHP3c
consider different combination of the compression test results carried out from three
concrete cores. Similarly, WHP4a and WHP4b consider different combinations of the
compression test results from two concrete cores. The main motivation is to evaluate
the variation of the selected capacity indicator as function of the inherent uncertainties
into the experimental data.

The statistical evaluation of mean and standard deviation values of the concrete
compressive strength (fc) is a key point of the proposed procedure to estimate Vrc;mean

and Vrck. The reliable assessment of the standard deviation values for fc usually requires

Table 5. Work hypotheses (WHP) for beam T2: number of concrete cores for each WHP and
core label for obtaining the core position along the beam (Fig. 3)

Beam T2

WHP1 All the available concrete core (7 cores)
WPH2 [ST2] – [ST3] – [ST11] – [ST13] – [ST22]
WPH3a [ST2] – [ST13] – [ST22]
WPH3b [ST2] – [ST11] – [ST22]
WPH3c [ST2] – [ST11] – [ST13]
WPH4a [ST13] – [ST22]
WPH4b [ST11] – [ST22]

S1       SM        S2
Beam T1

S1       SM        S2 
Beam T2

Fig. 3. Extracted beams T1 e T2: positions of the concrete core extraction points along the
beams
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at least five compression strength measures. For that reason, WHP2 is a limit case study
from a statistical point of view. All the WHPs that consider three concrete cores
(WHP3a, WHP3b, WHP3c) as well as those that take into account two concrete cores
(WHP4a, WHP4b) have an insufficient number of compression strength measures from
a statistical point of view. However, it is important to point out that extracting more
than two samples from the same beam is unfeasible for many cases. In fact, a few cores
can be usually extracted from a modest number of structural elements of the structure
because of technical issues and in order to preserve the structural integrity after the
extraction operation. The use of non-destructive tests (i.e., rebound and sound tests) can
be a viable strategy to increase the number of estimates about the concrete compressive
strength. A great number of nondestructive tests can be performed at low cost on the
same element, without jeopardizing its integrity. The results of non-destructive tests are
usually calibrated by means of a few outcomes available from destructive tests. As a
consequence, there is a correlation among these different types of data, which has to be
considered through proper statistical procedures (Giannini et al. 2014). This problem is
still topic of ongoing studies and is not addressed herein.

6 Shear Strength of the Beams T1 and T2

The beam shear strength limited by the crushing of the concrete compressed strut (Vrc)
is evaluated using the model described by Eq. 7b. This model is function of com-
pressive strength of concrete (fc) and beam geometry (b, d). In this study, the geo-
metrical data of the two beams (T1 and T2) are measured with high accuracy (Fig. 2),
and thus they are assumed as deterministic parameters in Table 1. Therefore, the Vrc

capacity model is function of only one random variable, that is the compressive
strength of the concrete (X = fc). The Lognormal distribution is assumed for fc. The
values of mean (lx) and standard deviation (rx) of fc for each WHP are given in
Tables 6 and 7 for beam T1 and beam T2, respectively.

Table 6. RC beam T1: mean (lx) and standard deviation (rx) of the Lognormal distribution of
the concrete compressive strength fc = X for each WHP

Beam T1
lx [MPa] rx

WHP1 14.87 4.96
WHP2 14.40 4.87
WHP3a 16.40 0.22
WHP3b 15.74 2.61
WHP3c 13.01 5.36
WHP4a 16.59 0.23
WHP4b 15.14 2.71
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Table 7. RC beam T2: mean (lx) and standard deviation (rx) of the Lognormal distribution of
the concrete compressive strength fc = X for each WHP

Beam T2
lx [MPa] rx

WHP1 10.90 1.84
WHP2 10.79 2.08
WHP3a 10.89 4.29
WHP3b 11.45 1.57
WHP3c 10.10 1.20
WHP4a 11.08 9.02
WHP4b 11.83 2.62

Fig. 4. Extracted beam T1: characteristic values (Vrck) and mean values (Vrc,mean) of the shear
strength limited by the crushing of the concrete compressed strut for each WHP

Fig. 5. Extracted beam T2: characteristic values (Vrck) and mean values (Vrc,mean) of the shear
strength limited by the crushing of the concrete compressed strut for each WHP
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Figures 4 and 5 show mean (Vrc;mean) and characteristic (Vrck) value of the shear
strength limited by the concrete strut crushing calculated for each WHP as function of
the number of samples for beam T1 and beam T2, respectively.

Tables 8 and 9 show, for each WHP, the number of the concrete cores considered
to evaluate fc and the corresponding values of Vrc;mean and Vrck for beam T1 and beam
T2, respectively.

The following conclusions can be drawn:

• the value of Vrc;mean is almost constant. Indeed, it slightly depends on the size of the
considered subset of concrete cores, anywhere the samples are extracted.

• the difference among the Vrc;mean values of the two beams is about 20%, even if the
two beams are casted at the same time using the same materials.

• Vrck values calculated using two or three concrete cores for each beam are very
different with respect to the ones obtained considering five or eight cores for T1 and
seven or five cores for T2.

• Vrck values calculated using five or eight cores for T1 and five or seven cores for T2
appears much similar.

Table 8. RC Extracted beam T1: Characteristic values (Vrck) and mean values (Vrc,mean) of the
shear strength limited by the crushing of the concrete compressed strut for each WHP and
number of available concrete cores (n tests)

Beam T1
n tests Vrc mean [kN] Vrc k [MPa]

WHP1 8 495 231
WHP2 5 480 202
WHP3a 3 547 498
WHP3b 3 524 375
WHP3c 3 433 112
WHP4a 2 553 451
WHP4b 2 505 235

Table 9. RC Extracted beam T2: Characteristic values (Vrck) and mean values (Vrc,mean) of the
shear strength limited by the crushing of the concrete compressed strut for each WHP and
number of available concrete cores (n tests)

Beam T2
n tests Vrc mean [kN] Vrc k [MPa]

WHP1 7 365 274
WHP2 5 362 258
WHP3a 3 365 196
WHP3b 3 384 269
WHP3c 3 338 238
WHP4a 2 371 56
WHP4b 2 397 152
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7 Conclusions

A simplified statistical procedure for the structural capacity assessment is presented in
this paper. The proposed methodology relies on the calculation of mean and standard
deviation of the considered capacity indicator, from which the characteristic value is
finally obtained as function of available number of samples, assigned fractile and
selected confidence level. This procedure is applied to a real case of study in order to
determine the mean (Vrc;mean) and the characteristic (Vrck) value of the shear strength
limited by the concrete strut crushing for two existing beams. The obtained results
show that:

• concrete strength of old RC structures is highly uncertain. Final experimental results
can show significant spatial variability, either when samples are extracted from
close beams, or from the same beam;

• as far as the calculation of Vrc;mean, two samples can be sufficient. As regards the
reliable statistical estimation of Vrck, no less than five samples are recommended.
Since extracting more than two samples from the same beam is unfeasible in many
cases, attention must be paid in the identification of statistically homogenous zones.

The proposed procedure will be applied on existing RC columns (Albanesi et al.
2008, 2009; Lavorato and Nuti 2010a, b, 2011, 2015a, b, Lavorato et al. 2017; Marano
et al. 2017) considering different concrete and steel materials including stainless-steel,
little studied in literature (Zhou et al. 2014, 2015).
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